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Preface 


Athens, May 2023 
The ITA-AITES World Tunnel Congress 2023 (ITA-AITES WTC 2023) and the 49" General 
Assembly of the International Tunnelling and Underground Association (ITA-AITES), are 
held from the 12 to the 18" of May 2023 in Athens, Greece. Athens has been selected, for 
the first time, as the host city of the leading annual event of the International Tunnelling and 
Underground Space Association. 


The Greek Tunnelling Society (GTS) is honoured and proud to host this outstanding event of 
the tunnelling community that is embraced with the participation of hundreds of consultants, 
contractors, software producers, machine / equipment manufacturers, investors, as well as 
operators and owners gathered in Athens to meet, exchange knowledge, promote their expert- 
ise / knowhow and define future needs. 


The theme of ITA-AITES WTC 2023 Conference “expanding underground’, focuses on the 
Knowledge and Passion that our industry offers to Make a Positive Impact on the World, by 
means of the multiple advantages and solutions that underground space can provide. 


The congress theme is fully aligned to support and further promote the new ITA slogan 
“underground solutions for a better world’ and ITA’s updated vision to “lead the world in 
sustainable use and development of tunnels and underground space”, which were both 
announced last January 2023. Indeed, cities, infrastructure and logistics expansion towards 
underground provide environmentally friendly, safe and resilient solutions that may facilitate 
the transformation of millions of people’s lives into a more sustainable lifestyle. This is 
becoming imperative as the globe is facing first-priority demanding challenges, such as 
(i) rapid urbanization, (ii) climate change and extreme weather phenomena, (iii) other natural 
hazards, (iv) need for sustainable energy geo-resources and (v) high demands for efficient 
people’s mobility and transportation of goods. 


ITA-AITES World Tunnel Congress 2023 provides an ideal opportunity to showcase recent 
innovations and the perspectives of the new era of smart technologies where sophisticated 
“digital tools” rapidly change investigation, design, construction and operation methods and 
strategies to further enhance and efficiently upgrade underground infrastructure assets, trans- 
forming the industry and the societies it serves. 


The congress covers all “hot” topics of the tunnelling and underground space industry. More 
than 420 papers from 45 different countries were accepted for publication (out of more than 
600 submitted abstracts), ranking ITA-AITES WTC2023 as the second throughout the history 
of World Tunnel Congresses with the maximum number of papers, since their beginning back 
in 1974. All accepted papers, each having been peer reviewed by minimum two members of 
the scientific committee and included in this abstracts volume, are available as Open Access 


xxxiii 


publications and will also be SCI indexed. Such provisions ensure that the research / work / 
best practice / efforts of the authors will be freely and permanently available, so anyone, any- 
where, can read and build upon his / her / their work. The latter, an initiative of the GTS, is 
applied for the first time in an ITA-AITES WTC conference. 


ITA-AITES WTC2023 aim to ensure the highest possible scientific level, was achieved thanks 
to the contribution of highly skilled professionals and academics from all around the world. 
The total number of the members of the scientific committee exceeds one hundred fifty (150) 
coming from 29 countries. Their great effort in the reviewing process is highly acknowledged. 
Nevertheless, the contents of the papers and opinions expressed are those of the authors. 


Timeless Athens, the birthplace of “symposia”, provides the ideal conference host city and the 
meeting hub of the tunnelling and underground space professionals, thanks to its unique 
blend of history, culture, art, lifestyle and entertainment. 


We strongly believe that WTC2023 in Athens (Greece) provides a valuable opportunity and a 
fertile soil for the international community to, literally, make a positive impact on the world. 


Ioannis Fikiris Nikolaos Roussos 
Chair of the WTC2023 Organizing Committee President of Greek Tunnelling Society 
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A look at embodied carbon in segmental tunnel lining 


J.P. Banyai & A. Caspersen 
Tunnels Department, Ramboll, Copenhagen, Denmark 


ABSTRACT: With the increasing focus on climate changes and sustainability in general, we as 
civil engineers, have an even greater responsibility to develop innovative sustainable solutions for 
the projects we are involved in. It is well-known that a significant proportion of the global carbon 
footprint comes from the production of cement and steel. Historically, the tunnelling industry 
relies heavily on these two materials to build safe and durable underground structures. Bored tun- 
nels often benefit from highly repetitive construction procedures and the mass production of iden- 
tical tunnel lining segments, with precision moldings offering excellent build quality and 
durability. The drawback of this efficient construction process is the fact that any inefficiencies in 
the design of a segment can be ‘locked in’ and repeated over vast sections. The aim of this paper is 
to explore how to construct significantly more sustainable lining in the future with small changes 
to the well-known procedure. 


1 INTRODUCTION 


As civil engineers, we tend to learn at colleges and universities how to optimise our designs to 
be structurally as economical as possible. We never under-design, and make sure we barely 
overdesign our structures, to ensure that we limit the material usage. Historically, a structure 
designed to use the least material would also be the cheapest to build, and — even though we 
might not have been measuring it - would also offer the smallest footprint in terms of carbon 
footprint. This was largely true because historically, materials and the transport of materials 
was expensive, and labour costs were cheap. 

As is human nature, we have worked hard over the years to reduce the cost of the produc- 
tion of the material, and labour costs are now — relatively speaking more expensive. This 
means that overall, a project cost is not entirely driven by the use of material, but by the pro- 
gramme. This has led to simple and quickly executed construction works being preferred over 
more time-consuming but elegant or complex designs. The effect of this is that while we may 
be building in a way that keeps project costs to a minimum, we are not automatically optimis- 
ing for low-carbon construction — as it is too expensive. If we are to really make low-carbon, it 
will almost certainly cost more, until we work out how to make low-carbon solutions cheaper. 

Tunnelling — as an item of linear infrastructure has historically been designed in 2-D, con- 
sidering a given cross-section, or number of sections, with lining designed to cater from the 
variety of conditions that are encountered. Segmentally lined tunnels are inherently formed of 
precast structural component production benefiting from significant economy of scale, 
matched with highly optimised construction programmes, through a process that keeps tunnel 
excavation and structural installation as continuously flowing as possible. 

This paper focuses on segmentally lined tunnelling, and deliberates on a number of solutions 
offering hope that as an industry in this sector, there are options that we can look towards. Nurt- 
uring and developing ideas for shaping our future is and was always the essence of engineering, 
the responsibility we are taking must be handled with a great awareness of our context and the 
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combats we have entered, with critical climate prognoses and the constraints of current economic 
systems. However, the boldness of the ideas shall not be suppressed by our context — as one day, 
they may be our only solution. Herein, I will look at geometric design, material selection, produc- 
tion, and construction. 


2 A CASE STUDY 


A question I have been asked by children, upon hearing that I work with tunnels, is: What is 
my favourite tunnel. My favourite is not one I designed or built, but one I was lucky enough 
to inspected when I was a junior engineer, in the mid-2000s: The Piccadilly line near Hatton 
Cross, from the early 1970s. It uses a lining that you wouldn’t likely see today. It is approxi- 
mately 4m in internal diameter, features 20+2 segments per ring, is 150mm thick, and has no 
reinforcement, neither bar nor fibres. A very simple yet functional design. 

How could such a lining work? It was certainly due in part to very good ground conditions, 
where water ingress through London Clay was not a major concern. Its 22 segments per ring are 
relatively small, and would likely have been very time consuming to install compared to the 
larger segments we see today, but time was perhaps not the driving factor. The big benefit of all 
these joints would be the low induced bending moment in the hoop direction — which perhaps 
explain why no reinforcement is required, and such slender segments can be made to work. It 
was also constructed at a time when open-face tunnel boring machines (TBMs) was the norm — 
so was built without the colossal temporary TBM loads imparted by rams, so longitudinal 
reinforcement was not required either. Overall, an incredibly elegant lining — but arguably, 
would not offer the most elegant construction programme — not at least by modern standards. 


3 BORROWING OLD IDEAS 


While the Hatton Cross segment design may not be applicable to every project, it has attract- 
ive aspects. So here we find some ideas that we can borrow for the benefit of reducing our 
carbon footprint. 


3.1 Reinforcement removal 


Given concrete has a very low tensile strength, removing the steel is a bold move, and requires 
us to design the lining such that very low, or even no bending moments are present. Having 
three times as many segments was the solution — as with such a flexible ring, tension was 
reduced to a more manageable level. 

The trade-off is the effect of ram-loads, the ring installation time and the watertightness. 

Ring build time for 22 segment ring could be expected to be proportionally as longer than 
for modern 8 segment ring arrangement, so this suggests that a more rapid ring building tech- 
nique for a ring with more joints could be a new goal for our industry. 

The knock-on effects of having so many joints per ring is that there is now a great deal more 
interfaces that we must ensure are watertight. In fact, the joints in this part of the Piccadilly 
Line are three-times the length per metre run, and to add to that, use a cruciform joints arrange- 
ment. However, in optimal prevailing ground condition (such as unfissured clay) low leaking 
characteristics are present. In less favourable soil, modern gaskets should be able to cope well. 

Modern TBMs are often faced with demanding excavation requirements, and hence managing 
TBM ram loads behind an Earth Pressure Balance or Slurry Shield TBM is likely to be more of 
a problem for an unreinforced segment. We are so used to having equipment that can push hard, 
it will likely be an unwelcome change to the industry to revert to open face alone. Therefore redu- 
cing the TBM load may be real challenge. Back in 2002, the Piccadilly Line Extension to Heath- 
row Terminal 5 was designed with a similar thickness (150mm), but included steel fibres and 
polypropylene fibres, and was able to handle the ram loads, and cope with the fire design criteria. 


It used 8 segment expanded lining, in a similar geological setting. It avoided cruciform joints and 
was excavated using an open-face TBM. 


3.2 Variable ring geometry 


An additional benefit of the low-bending moment in a ring with a large number of segments, is 
that the segments could be rather slender — a further saving to our carbon bill. In these days of 
laser-measurements of molds, why not fully optimise the lining such that it is perfectly designed 
for the prevailing ground conditions — no more, no less? In the most basic way, this could be just 
varying the internal diameter of the ring, reducing thickness where a more slender segments is 
acceptable, leaving only the thickest segments for the locations of the very worst loading scenarios. 

Why not have a wide selection of ring types to account for the full range of ground loads. 
Perhaps 20 different ring types could be developed for a given project, each with slightly dif- 
ferent concrete thickness, and reinforcement content — but much like Lego brick, being com- 
patible with one another. 

The reason is no mystery, in that in these modern times, the economy of having a single 
ring that can be used anywhere leads to very simple installation logistics, which has significant 
programme benefits, and overall, leads to the cheapest construction method. The disbenefit of 
organising the correct ring for each chainage is a hinderance, further made trickier by lack of 
immediate interchangeability. Furthermore, different thickness of rings could require modifi- 
cations to the TBM ram shoes — potentially at every ring installation, if such a wide range of 
rings were available — but more practically, perhaps every few hundred metres. 

But these disadvantages are solvable. We have lived in a time of automated post-sorting sys- 
tems and baggage transfer routing systems that make segment delivery to the front of a TBM 
seem increasingly less challenging. And if the industry requires it, one would think automated 
shoe-adjustment could be made routine, such that it doesn’t slow ring build at all. The range of 
adjustment may be limited to perhaps 100mm. This no longer seems like such a leap forward, 
and although the initial set-up may have costs associated with it, the carbon saving could be 
substantial — and surely worth the investment. A ram-adjustment range of 100mmSuch a range 
is tested in the next part of this paper, to see what savings such a device may offer. 


4 THE IMPACT 


Table 1 provides a reminder of the typical embodied carbon quantities of the materials we use 
to produce tunnel segments. Data has been taken from InfraLCA, a tool developed by the 
Danish Road Authority (Vejdirektoratet). InfraLCA provides embodied carbon content in 
accordance with EN 15804, relating to phases Al-A3, which account for the cradle-to-gate 
embodied carbon only. While variation in mix design and source of materials, among other 
things, can affect the embodied carbon content, typical values have been used, and are suitable 
for comparison purposes in this paper. The Bekaert document also relates to embodied 
carbon in phases A1-A3. 


Table 1. Embodied carbon content of some raw lining materials. 


Item Embodied Carbon content Units 
Plain Concrete* 0.40 t CO2e/m? 
Traditional Reinforcing Steel* 1.06 t CO2e/t 
Steel reinforcing fibres** 2.43 t CO2e/t 
Steel reinforcing fibres*** 0.84 t CO2e/t 
Cast iron**** 10.8 t CO2e/m? 


* Based on C30 concrete mix, InfraLCA, Vejdirektoratet 2021. 
** Basic Oxygen Furnace (BOF) produced steel, Bekaert 2017. 
*** Electric Arc furnace (EAF) produced steel, Bekaert 2017. 
**** InfraLCA, Vejdirektoratet 2021. 


These values can be used to determine the carbon content of reinforced (or unreinforced) 


lining materials, as follows, in Table 2: 


Table 2. Embodied carbon content of some lining materials. 


Embodied Carbon Content 


Item (kg CO2e /m?) 
Plain Concrete 385 
Bar reinforced concrete* 512 
Steel fibre reinforced concrete (SFRC)** 458 
Steel fibre reinforced concrete (SFRC)*** 410 
Cast iron 10800 


* 120kg steel reinforcement/m? 


** 30kg steel reinforcement/m* (BOF produced steel) 
*** 30kg steel reinforcement/m* (EAF produced steel) 


It is clear that compared to plain, unreinforced concrete, the use of fibres increases the CO2e by 
between 7% and 19% depending on the furnace type used, while traditional cage reinforcement 
adds 33% to the base footprint. The use of Cast Iron, popular before the advent of modern con- 
crete, and which is what most of the London Underground is constructed from, offers a footprint 
20 times higher than concrete based alternatives, and is not worthy of discussion here. 

And what about the effect of variable ring geometry? The table below assumes a fixed outer 
diameter of a segmentally lined tunnel of 4.5m, with adjustments made to the inner diameter. 


Table 3. Embodied carbon content of some linings. 


Item Embodied Carbon content (kg CO e /m run), 4.5m fixed OD 
Internal Diameter 4.0m 4.1m 4.2m 
Plain Concrete 1285 1040 789 
Bar reinforced concrete* 1720 1384 1050 
Steel fibre reinforced concrete (SFRC)** 1528 1237 938 
Steel fibre reinforced concrete (SFRC)*** 1369 1108 841 
* 120kg steel reinforcement/m3 
** 30kg steel reinforcement/m3 (BOF produced steel) 
*** 30kg steel reinforcement/m3 (EAF produced steel) 

ame 


Figure 1. Embodied carbon content of some linings. 
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An inner diameter of 4.0m corresponds to a lining thickness of 25 cm. Similarly, an inner 


lining thickness of 4.1m and 4.2 m corresponds to a thickness of 20cm and 15 cm respectively. 
Some observations can be drawn: 


Switching from bar reinforced concrete to SFRC could have a similar carbon footprint to 
5cm lining thickness reduction. 

Removing SFRC and using plain concrete makes a relatively small difference to the overall 
footprint. 

The range of these values suggests that the carbon footprint could be halved, if the prevail- 
ing conditions allow the reduced thickness and steel content. This is just simple maths, and 
is nothing special — but raises the awareness of the impact these changes can make. 

Without much further justification, this serves as a reminder that SFRC is the Carbon- 
counter’s choice of structural material. It’s not only up to 19% lower carbon than bar reinforce- 
ment, but has lower fabrication costs associated with it, so it should be the first choice. 

The option to use thinner segments offers proportional carbon savings — whether we reduce 
the thickness of the segments a lot, or just a little, it would seem a worthy endeavour. 


5 AWAY FORWARD 


The challenge I propose to our industry is: How can we work to avoid the reinforcement and/ 
or safely reduce the lining thickness. 


One trick is to minimise the loads: 


If the difference in horizontal and vertical ground load is significant, causing bending in the seg- 
ments making rebar reinforcement a potential mitigation, I would suggest mitigation measures of 
more segmental joints in this case. The impact of this is potentially slower ring build. Here, it will 
be key to work out a faster ring building technique to meet the potential time constraints. 

If the ground load is very high, and compression of the segments causes joint bursting, it 
requires reinforced joints. In such a situation, bar-reinforcement may be unavoidable. 

If the ram jacking pressure required to excavate the ground is sufficiently high such that 
bar reinforcement is required to counteract joint bursting, we might question whether there 
is a better way to excavate the tunnel, as these temporary loads will begin to dictate the 
overall carbon footprint of the tunnel lining. Instead, we must learn to cap the ram load at 
the inherent capacity, as is typically the method employed when using steel fibre reinforced 
segment, and I propose should always be the case. 

The option of using a lower ram force may lead to slower excavation rates, and therefore 
slower advance rates, that may make the project unacceptable in terms of programme. In 
simple terms, halving the TBM speed doubles the construction time. To exemplify, a 5 km 
tunnel at an advance rate of 12m/day and 6m/day would take 60 and 120 weeks to build 
respectively, hence a difference measured in years. 

If we choose not to increase reinforcement for ram loads, and simply state the inherent ram forces 
on the segment, and ensure that the TBM thrust is limited — then while the advance rate may 
suffer, there may be a measurable saving in carbon, which would be difficult benefit to ignore. 
The new challenge will be how to increase the advance rate when faced with a limited avail- 
able maximum ram force available. 


6 CONCLUSION 


In summary, some action we can take to reduce the carbon footprint we are imposing in con- 
nection to segment design are: 


Use SFRC where suitable 
Do not immediately accept TBM related forces as primary load cases 
Consider a range of segment thicknesses 


To enable this, lining designers and TBM manufactures must work together to make sure 
designs are compatible, and optimal and focus only on the forces of nature, rather than the 
self-imposed loads we apply to make our projects run faster, saving our programme and 
labour costs. 

The savings in carbon will no doubt cost us on labour costs — and ultimately, the pro- 
gramme. We already do a fine job in optimising our designs to minimise these aspects — but 
now we must start again, and optimise to include these new aspects. 

These are not insurmountable challenges and with collaboration across the industry, 
I would argue that we are already armoured for this combat. 
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ABSTRACT: Sustainable, compact, green and climate neutral urbanization is essential in 
the context of tackling global environmental challenges such as biodiversity conservation and 
climate change. Cities are expanding in both developed and developing countries; the rate of 
this growth is much higher than the growth of population. Responsible cities are pursuing 
a compact city policy, striving to exclude new construction in undeveloped and green areas. 
The three-dimensional development of cities, and the use of underground space in particular, 
is a complex, multidimensional and interdisciplinary task. Urban climate agenda widens the 
above research area further, requiring detailing climate adaptation and mitigation issues. The 
paper will present analysis of opportunities and drawbacks that the urban underground space 
brings to an urban transition towards climate neutrality. This research contributes to a vision 
for urban underground space and integrated urban planning that enhance the quality of 
urban life while pursuing climate responsible development agenda. 


1 INTRODUCTION 


Cities are not climate neutral, they do have a significant impacts on local and global climate 
(IPCC, 2022; OECD, 2022). Most common local impact is known as Urban Heat Island (Oke, 
1973), which constitute difference in temperature between the city centre and a reference area 
immediately outside the city. Usually city centres are a few degrees warmer than city sur- 
rounding area. This local warming is caused by heated surfaces and heat emissions from build- 
ings ventilation systems, motor cars, and increased heat absorption and subsequent emission 
by variety of surfaces, like roofs and roads. 

Global climate impacts of urban areas are primarily associated with energy consumption 
and carbon dioxide emissions; reducing these emissions is known as climate change mitiga- 
tion. Urban areas are the largest territorial source of greenhouse gas emissions, accounting for 
up to 76% of global emissions (IPCC, 2022). 

The concept of climate neutrality involves reducing greenhouse gas emissions and absorbing 
carbon from atmosphere that the total carbon emission - consumption balance would be zero 
or negative. Process of adsorbing carbon is known as carbon sink, green plants are natural 
carbon sinks. 

Urban underground space and urban underground infrastructure plays an important role in 
a carbon neutral city (Bobylev et al, 2013; Guo et al, 2021), use of subsurface can increase or 
decrease city carbon emissions in different circumstances and time periods. Urban underground 
space and climate neutrality is a relatively new and yet scarcely explored subject; just a few 
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scholarly publications attempted to conceptualise it and suggest approaches to calculate carbon 
balance (Wei et al, unpublished). This paper will summarise existing knowledge and provide new 
research questions for further studies. Analysis of opportunities and drawbacks that the urban 
underground space brings to an urban transition towards climate neutrality will be presented. 


2 OPPORTUNITIES TO COOL CITIES USING UNDERGROUND SPACE 


Urban underground space has been traditionally used to reduce high outdoor temperatures in 
hot climate, sunken courtyards in Iran can serve as an example. More recent example of com- 
bating urban heat can be using underground metro in Paris to host elderly during European 
summer heat waves in the past 10 years. Apart from providing heat relief in distinct under- 
ground facilities, urban underground infrastructure can contribute to reduction of Urban 
Heat Island effect by (1) frugal land use, (2) enabling greater energy efficiency and hence less 
local heat emissions. Placing infrastructure and facilities underground vacates land for urban 
green, which cools cities and acts as a carbon sink. Various types of linear infrastructure, 
placed underground are often more reliable in operations because of more protection from 
external factors, hence is more efficient in operations. 

Figure 1 summarises opportunities for reducing local and global urban climate impacts by 
using underground space. 


3 OPPORTUNITIES TO REDUCE URBAN CARBON FOOTPRINT USING 
UNDERGROUND SPACE 


All Urban areas are at the forefront in driving global environmental change, and these areas 
are themselves heavily affected by global change, including climate change. Cities must 
become greener, smarter, more energy efficient and compact to address the climate challenge. 
Use of underground space is absolutely needed in most cities to address compact and energy 
efficient urbanisation. Ultimately, urban functions that do not require daylight should be 
placed underground, vacating space for green areas, which helps to adsorb carbon locally and 
reduce urban carbon footprint. 

Qiao et all, 2019, have identified urban underground space contribution to a low carbon city as 
intervention to the following areas: transportation optimization, compact and mixed land use, 
green building and infrastructure, and renewable geothermal energy. Figure | further elaborates 
and details these ideas. Here we introduce five main categories for urban underground space 
reduction of urban climate impact. Apart from urban underground space use, there are of course, 
other ways and strategies to reduce urban carbon emissions. Linton et al, 2022, qualitatively ana- 
lysed eight local government deep decarbonisation plans of cities and identified emerging technical 
pathways to deep decarbonisation: electricity, buildings, transportation, waste, carbon sinks and 
storage. This and similar studies neither single out nor even discuss urban compactness and under- 
ground space use as a factor in decarbonisation. However, comparing key policy intervention sec- 
tors for decarbonisation (Linton et al, 2022) and urban underground space contribution to the 
climate impact reduction (Figure 1), obvious correlations and alignment can be seen. Given that 
facilities, structures, and services in urban underground space are located in the same space con- 
tinuum and in many cases have physical and functional connections and interaction, it is logical 
to consider urban underground space use as a city decarbonisation strategy in itself. This will 
ultimately help to draw conceptual connections between urban compactness, urban underground 
space, variety of urban infrastructure, and opportunities for urban climate neutrality. 


4 URBAN UNDERGROUND INFRASTRUCTURE AND CARBON EMISSIONS 


Urban underground space use and subsurface infrastructure contribute some carbon emis- 
sions (Figure 2). The main adverse impacts are associated with the construction process of 
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facilities in the underground space, which contribute to global carbon emissions. Impacts of 
underground space use on local climate are insignificant and are associated with underground 
heat island effect, which is often secondary to surface heat island effect. 

Urban resilience as a negative and positive contributing factor is featured in both diagrams 
(Figure 1 and 2). Urban resilience and underground space use is a significant question (ITA 
Working Group 20, unpublished). Underground facilities, on one hand, can help cities to adapt 
to climate change impacts, and, on the other hand, are themselves vulnerable to adverse local cli- 
mate impacts. The same diverse description can be given about carbon emissions, required to pro- 
vide urban adaptation to local climate change impacts. Urban underground space can provide 
benefits as well as drawbacks in this regard, depending on particular city vulnerabilities and state 
of infrastructure. 


Less energy demand by urban 


Reductions in 
carbon 


space associated with stable rey gs € g 
temperature mode 
emissions r 
Enablinga compact, high Enhancing energy efficiency of various urban 
Geothermal density city D systems due to proximity 
energy [Groundwatersupply | 
(renewable, Groundwater supply = energy savings due to proximity of source 
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Reductionsin [More space for urban green-carbonsink  ] space [More space for urban green-carbonsink  ] urban green — carbon sink 
urban land ee artificial surfaces and hence 
surface use 
reduction in solar heat ee 
In certain cases enhancing urban resilience and 
hence saving resources on urban adaptation 


Figure 1. Urban underground space use and opportunities to reduce cities’ climate impacts. 
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Figure 2. Urban underground space use possible contributions to cities’ climate impacts. 
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5 IMPLEMENTATION PERSPECTIVES 


Urban climate neutrality is a mainstream policy perused by many cities and recommended by 
professional community (UN-Habitat, 2022). However, our research have not identified any 
policy documents specifically addressing urban underground space use in a climate neutral city. 
There has been an active dialog between the International Tunneling and Underground Space 
Association designated Committee ITACUS and United Nations agencies concerned with urban 
carbon agenda. The ITACUS repeatedly advocated for distinct consideration of underground 
space in climate agenda with United Nations Office for Disaster Risk Reduction, United Nations 
Human Settlement Programme, United Nations Environment Programme (Agrawal et al, 2022). 
Carbon accounting methodologies informing policy and decision-making on climate neutrality 
are an important component of urban climate action agenda. Cheng et all, 2022, present 
a carbon accounting methodology for sustainable neighbourhood renewal from the perspective 
of carbon emission mitigation; detail policy for the construction of low-carbon neighbourhoods 
and low-carbon renewal projects. Similar to decarbonisation accounting, discussed in the previ- 
ous section, urban underground space has been not mentioned or discussed in this and similar 
holistic methodologies for urban carbon accounting. Qiao et all, 2019, attempted to calculate 
carbon balance associated with underground space use in a case study of Shanghai Hongqiao 
central business district: low carbon contributions were categorized into underground rail transit, 
underground geothermal energy and underground building energy consumption. 

Carbon accounting methodologies are clear challenge and opportunity to mainstream 
urban underground space use in to cities’ climate policies. 


6 FURTHER RESEARCH AGENDA 


Climate neutrality strategies have been already developed in pioneering cities, however urban 
underground space have been barely mentioned in any of them. Most decarbonisation strat- 
egies include actions within industrial sectors: electricity, buildings, transportation, waste, 
carbon sinks and storage. Underground infrastructure is a part of these sectors and in this 
way has been considered in climate neutrality strategies. However, as underground space rep- 
resent a continuum with distinctive features and interrelated infrastructure, there is a need to 
explicitly address subsurface in urban climate strategies. 

To mainstream urban underground space in to climate neutrality strategies further research 
is needed on: (1) quantitative data on urban underground space, similar to urban sustainabil- 
ity indicators, (2) urban functions carbon emissions accounting while placing facilities in sub- 
surface, (3) contribution of urban underground space to climate change adaptation and 
mitigation, (4) developing a theoretical framework for climate neutral city and urban under- 
ground space, (5) urban geothermal energy use, including shallow heat exchange. 

The theoretical framework could be a cornerstone that would show indispensability of 
addressing urban underground space use in a climate strategy of any city. This framework 
can be based on gaining momentum concept of geosystem services, which argues for greater 
role of abiotic nature in urban planning (van Ree and van Beukering, 2016, Bobylev et al, 
2022). 


7 CONCLUSIONS 


Urban Climate neutrality is a mainstream goal in urban development, cities’ strategies, and 
planning. Climate neutrality faces conceptual and methodological challenges. Firstly, we have 
shown that decarbonisation strategies are usually focusing on a limited number of key industrial 
sectors, like energy, or even more narrow, electricity. Cities’ decarbonisation strategies mostly 
ignore spatial development and urban form, and do not mention urban underground space. 
This is an obvious deficiency, since we have shown importance of urban underground space for 
reducing cities’ climate impacts. As figure 1 details, wide opportunities lay in reducing global 
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climate impacts by using urban underground space, and less so for reduction impacts on local 
climate. 

Secondly, clear methodological challenges are associated with carbon emissions accounting, 
difficulty in including urban underground space into existing carbon balance assessments or 
using tailor made methodologies, of which we have identified just few. 

A concept of urban underground space use in a climate neutral city should be developed 
further, as an initial step we have identified and systematised an array of impacts and oppor- 
tunities, as well as drawbacks, of reducing cities’ carbon footprint by developing urban under- 
ground space. Urban resilience and climate adaptation appears to be an issue where urban 
underground infrastructure can be an asset as well as liability. 

This research contributes to a vision for urban underground space and integrated urban 
planning (Admiraal and Cornaro, 2018) that enhance the quality of urban life while pursuing 
climate responsible development agenda. 


REFERENCES 


Admiraal H, Cornaro A (2018) Underground Spaces Unveiled: Planning and creating the cities of the 
future. ISBN: 978-0-7277-6145-3. Thomas Telford Limited. 

Agrawal M, Admiraal H, Cornaro A (2022) Use of Underground Spaces for Resource Efficient Data 
Centres in Helsinki, Finland. Case Studies for the report on International Good Practice Principles for 
Sustainable Infrastructure. United Nations Environment Programme (2021). Nairobi. ISBN No: 978- 
92-807-3846-9 

Bobylev N, Syrbe R, Wende, W (2022) Geosystem services in urban planning. Sustainable Cities and 
Society (2022), doi: https://doi.org/10.1016/j.scs.2022.104041 

Bobylev, N., Hunt, D.V.L., Jefferson, I., Rogers, C.D.F. (2013) Sustainable infrastructure for resilient 
urban environments (2013) In: Advances in Underground Space Development — Zhou, Cai & Sterling 
(eds) Proceedings of the 13th World Confernece of ACUUS 2012.Copyright 2013 by The Society for 
Rock Mechanics & Engineering Geology (Singapore). Published by Research Publishing. pp. 906-917. 
ISBN: 978-98 1-07-3757-3; doi:10.3850/978-981-07-3757-3 RP-107-P219 

Cheng J, Mao C, Huang Z, Hong J, Liu G (2022) Implementation strategies for sustainable renewal at 
the neighbourhood level with the goal of reducing carbon emission. Sustainable Cities and Society 85 
(2022) 104047 

Guo, D., Chen, Y., Yang, J., Tan, Y.H., Zhang, C., Chen, Z. (2021) Planning and application of under- 
ground logistics systems in new cities and districts in China. Tunnelling and Underground Space Tech- 
nology, 113, art. no. 103947, doi: 10.1016/j.tust.2021.103947. 

IPCC, 2022: Climate Change 2022: Impacts, Adaptation, and Vulnerability. Contribution of Working 
Group II to the Sixth Assessment Report of the Intergovernmental Panel on Climate Change [H.- 
O. Pértner, D.C. Roberts, M. Tignor, E.S. Poloczanska, K. Mintenbeck, A. Alegria, M. Craig, 
S. Langsdorf, S. Léschke, V. Möller, A. Okem, B. Rama (eds.)]. Cambridge University Press. Cam- 
bridge University Press, Cambridge, UK and New York, NY, USA, 3056 pp., doi:10.1017/ 
9781009325844 

ITA Working Group 20 (unpublished) Urban Underground Space for Resilient Cities. Report No. 2. 
International Tunneling and Underground Space Association 

Linton S, Clarke A, Tozer L (2022) Technical pathways to deep decarbonization in cities: Eight best 
practice case studies of transformational climate mitigation. Energy Research & Social Science 86 
(2022) 102422 

OECD (2022), Decarbonising Buildings in Cities and Regions, OECD Urban Studies, OECD Publishing, 
Paris, https://doi.org/10.1787/a48ce566-en. 

Oke, T.R. (1973) City size and the urban heat island. Atmospheric Environment (1967), 7 (8), pp. 
769-779. 

Qiao, YK, Peng FL, Sabri S, Rajabifard A (2019) Low carbon effects of urban underground space. Sus- 
tainable Cities and Society 45 (2019) 451—459 

UN-Habitat, (2022) World Cities Report. https://unhabitat.org/wer/ 

VanRee, C. C. D. F, & van Beukering, P. J. H. (2016). Geosystem services: A concept in support of sus- 
tainable development of the subsurface. Ecosystem Services, 20(2016),30-36. 

Wei L, Guo D, Zha J, Bobylev N, Chen Z, Huang S (unpublished) Estimation of the ecological carbon 
sink potential of using urban underground space: A case study in Chengdu City, China. Tunnelling 
and Underground Space Technology. 


13 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www. taylorfrancis.com, CC BY-NC-ND 4.0 license 


ATG Ceneri Base Tunnel: Driving method and production of 
concrete aggregates 


E. Catelli & P. Lanfranchi 
Pagani + Lanfranchi SA, Bellinzona, Switzerland 


ABSTRACT: The inclusion of the idea of reuse into the overall process from planning to 
implementation is a central concern in underground projects. The maximum reuse of exca- 
vated tunnel material is important for several reasons. It can save material resources, reduce 
transport distances and landfill volumes and, last but not least, construction costs on a large 
scale. Aggregates for concrete can be produced with raw material resulting from both mechan- 
ized and drill and blast driving methods. The different production yields and quantities of 
waste materials have a major influence on the supply rate and on the requirements for the 
deposit sites. Using an extensive database constructed for the AlpTransit Ceneri Base Tunnel 
(15.4 km), the influence of the driving method and the production process of aggregates for 
concrete was analysed to predict the expected aggregate quantities and waste materials, such 
as sludge, polluted material or excess aggregate fractions. This information is useful both for 
quantifying the material recycling rate and for optimizing processing and disposal costs. 


1 INTRODUCTION 


Spoil management is a central element of large construction projects. It is however difficult to 
implement and call for innovative techniques, sophisticated logistics and organization. In the 
context of large projects, environmentally friendly transport, processing and storage of mil- 
lions of tons of excavated loose material represent a logistics challenge. Although the criteria 
of maximum reuse and minimum environmental impact have been a central point of under- 
ground projects for more than twenty years, the influence of the driving method in rock on 
the production of both aggregates for concrete and waste materials is often underestimated. 

This paper shows a summary of these results in the case of material management at the 
Ceneri Base Tunnel, that was officially opened in 2020 after more than 10 years of continuous 
underground works. 


2 OUTLINE OF THE PROJECT 


2.1 Overview of the spoil management at the CBT 


AlpTransit Gotthard AG (ATG) is the commissioning client of the new transalpine Gotthard 
railway line including the Gotthard (GBT) and Ceneri Base Tunnels (CBT). 

As the southernmost continuation of the GBT, the Ceneri Base Tunnel completes the flat 
north-south railway axis through Switzerland and provides freight and passenger transporta- 
tion through the Alps. The CBT links Vigana — north portal, 220 masl near Bellinzona — to 
Vezia — south portal, 330 masl near Lugano — passing under Monte Ceneri. 

With its total length of 15.4 km, the CBT is Switzerland’s third-largest rail tunnel construc- 
tion project after the Gotthard Base Tunnel and the Lotschberg Base Tunnel. 


DOI: 10.1201/9781003348030-3 
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As both tunnel portals are situated in populated areas, driving of the 2 single-track tunnels 
towards the north and the south was carried out from the installation cavern (CAOP) in the 
middle of the tunnel. As shown in Figure 1, this intermediate point of attack is linked to the 
Sigirino construction site by a 2.4 km long access tunnel (FIS), built by mechanized method. 


i Z| 
Nore poni Š z South portal 
Vigana/ (0.56 Miot CBT North 3.77 Wiot 3410Miot CBT South Vezia 
Camorino — - S — 


Legend 
CAOP-_ installation cavern (Cavama operativa) 


Excavated loose material FIS: Access tunnel Sigirino (Finestra di Siginno) 
O.51Miot | Nodo di Camorino =) 
Excavated loose material 
Sigirino 7.86 Miot 0.67 Miot | Sigirino 


(FIS + CAOP + GbC) 


Figure 1. Excavated material from the Ceneri Base Tunnel, from both the main site of Sigirino and the 
north/south portals. 


The total spoil material reached approximately 8.8 million tons of rock of varying quality, 
from which 7.9 million tons were transferred to Sigirino. Additionally, 0.9 million tons of material 
were excavated at the south and north portals. It should also be mentioned that pre-construction 
works at Camorino and Sigirino produced another 1.2 million tons of loose material. 

Due to the particular geological conditions, the degree of material reuse was not as high as 
that at the Gotthard Base Tunnel, where the rock was harder, more homogeneous and had 
lower mica content. Approximately 1.1 million tons of suitable raw material, so called 
A-Material, were produced during tunnelling (Figure 2), which was then transformed into 
0.87 million tons of high-quality aggregates for concrete (AFC), as shown in Figure 3. This 
amount covered one third of the total AFC needed for the tunnel construction. The remaining 
aggregate requirements were delivered by railway from a quarry located 300 km away in 
northern Switzerland. These external aggregates were stored in separate silos and then mixed 
with the AFC processed on-site during concrete production. 

In addition to the processing of the tunnel excavation material into aggregate for concrete, 
large amounts (1.3 million tons) of classified sandy gravel for railway embankments and road 
foundations were also produced at Sigirino. The 0-150 mm, unused, unpolluted excess mater- 
ial was placed directly after crushing on the 150 meter high landfill at Sigirino. 


1320 kt bait 110 kt 5 A-Material, suitable for production p- 770 Ks m Produced aggregates for 
£ P. a7okt Of concrete aggregates (AFC) Á 4'405 kt concrete (AFC) 
A: p @B-Material, suitable material for A m Produced embankment material 
f | | embankments l 330 kt 
\ y 9 B-Material, unsuitable | | = Produced sludge 
` } Zeta ean Vc We atin dt PTAH ms Excess material (final storage) 
e610kt 


Figure 3. Material production and excess 
Figure 2. Material from excavation (kt=1’000 t).  (kt=1°000 t). 


2.2 Object of the study 


The management of the spoil from a tunnel excavation has a significant impact on available 
space and the environment. The tunnel spoil must be reused, when possible, to achieve 
a positive environmental impact. 
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The choice of driving method is generally based on a series of criteria, including tunnel 
geometry, geology, hydrogeological conditions, driving speed and underground logistics. The 
choice of driving method is very rarely influenced by criteria linked to material reuse. During 
the excavation of a tunnel, the quantity of spoil material is relevant and its polluting potential 
may result in unforeseen costs, given the technical, economical and procedural difficulties for 
the development of new landfills and deposit sites. This will influence: 


— For the external worksite, the yield of the treatment plant for the spoil material and the 
requirements for temporary deposits. 

— For the underground worksite, the quality and quantity of the polluted spoil from the 
tunnel face. 


A statistical post-hoc analysis was developed using measurements made during the construc- 
tion of the Gotthard Base Tunnel (GBT) and the Ceneri Base Tunnel (CBT), for mechanized 
and conventional excavation methods in rock. For the CBT, the results especially concern drill 
and blast, the method which was used for the excavation of almost 95% of the 40 km of princi- 
pal and access tunnels. The results obtained here were compared to several excavation scen- 
arios from the GBT, where mechanized driving with a TBM was primarily used. 


3 CONCEPTS AND PRINCIPLES 


The total amount of spoil material from the tunnel Mz, in [m°] or [t], is composed of the 
following: 


Mr =M)+SP+E (1) 


where Mọ = theoretical excavation volume: it’s the theoretical cross-section (m^) multiplied by the 
driving length (m), [m3] or [t]; SP = overbreak: volume of rock outside of the theoretical cross- 
section, dependent on the driving method and the geological conditions, [m°] or [t] or % of Mo; 
E = external additions: quantity of construction materials (concrete, foam, grout, resin, etc.) 
necessary for the underground activities which partially exit the tunnel together with the spoil. 


SPV1-4 SPV 5-6 SPV7-10 
+18% than theorical section +16% than theorical section +19% than theorical section 


. Enlargement of the theorical Technical / geological 
Theorical cross-section es 
E=] x cross-section +5 cm overbreak +45 cm 


Figure 4. Overbreak for various excavation classes of the CBT. 
(source: own data). 


In the case of the CBT, the overbreak SP was determined through a comparison between the 
measured spoil quantities and the relative estimates based on the driving blast classes for the refer- 
ence period. The results expressed in % of the theoretical cross-sections are shown in Figure 4. 

The parameter E, which is mainly responsible for the pollution of the underground excava- 
tion material, primarily depends on the construction methodology: the greater the required 
quantities per meter of driving, the greater the waste materials in the spoil. 
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For both methods of driving considered (mechanized and conventional), the excavation 
material was managed without analytical characterizations, assuming that its quality was suit- 
able for recycling according to the possibilities foreseen by law (according to Swiss legislation, 
Waste Ordinance ADWO). This is not valid for the greater part of the waste materials, which 
must be analyzed to evaluate their potential for reuse and/or disposal. 


Table 1. Subdivision in 6 Categories according to ADWO. 


Category Products 
1 Construction materials Material for fills and embankments 
2 Raw materials for the manufacture of a) Aggregates for concrete 


construction materials b) Waste: sludge from aggregate washing (MAB) 


c) Surplus material from the treatment plant 


3 Refilling of material extraction sites Fill material for quarries and excavations 


4 Permitted landscaping work Material for definitive deposit and landscaping of 
terrain and lakeshores 


5 Waste removed as solids a) Rebound concrete, residue from demolition and 
excavation of invert 
b) Material separated in exceptional cases (e.g., accidents) 
c) Sludge containing cement from the underground 
concrete processing plant 


6 Waste removed through the evacuation of Water pressed sludge from the tunnel water treatment 
underground water plant (TWAB) 


4 DEVELOPMENT OF THE OPERATIVE PHASES 


4.1 Procedure 
The procedure for the statistical analysis of the data includes the following phases. 


a) Collection and processing over a period of 10 (CBT) and 16 (GBT) years of driving data, 
recordings of the flow and of the quality of the produced materials. 

b) Construction of a dynamic and functional database containing representative statistical 
values. The parameters were organized chronologically (interval: 1 day). 

c) Choice of the groups of relevant parameters and definition of the reference scenarios 
through database query. The scenarios were determined based on the driving method (dur- 
ations greater than 1 month). 

d) Determination of the numerical results and conversion in flow diagrams. The relevant 
parameters were correlated among themselves. 

e) Conclusive evaluations of the general validity of the empirical method. The main objective 
of the method is a prevision, with a high level of confidence, of the processing yield and the 
quantities and qualities of the polluted materials for similar underground works. 


4.2 Study of the representative periods 


The excavation of the CBT was carried out over a period of approximately 8.5 years with 4 
driving attacks using blasting (NE, NW, SE, SW), with the exception of the intermediate attack 
at Sigirino, which was carried out with a TBM. The subdivisions of the construction lots from 
the north portal to the south portal of the CBT are shown in Figure 5. The main underground 
works of the CBT were carried out in Lot 852. The statistical analysis collected data over the 
entire structure but concentrated on the reference driving scenarios using blasting in Lot 852 
during 2010-2014. 


17 


zF n Tube E 


mti < 
Ju on Tub (141423 m >< 


Vigan — {338 m) 
79t m 
- Pa Tube WEST (14'049 m} one ee 
(303 m) 
ii D&B D&B | D&B | D&B 
- ~ — =- 
+ 


[J Lot854 Reverse-drive Vezia — Drill and blast 


E Lot853 Reverse-drive Vigana — Drill and blast 
© Lot 852 Main drive CBT — Drill and blast $ 
E] Lot 851 Intermediate access Sigirino - TBM Sigirino 


Figure 5. Construction lots for the underground works of the CBT. 


5 DEVELOPMENT OF THE OPERATIVE PHASES 


5.1 Aggregate production yield for concrete 


As shown in Figure 6, the material from the CBT which was considered suitable for the pro- 
duction of aggregates for concrete resulted from excavations using both mechanized and con- 
ventional methods. The material was found to be of variable quality: 


— The raw material from mechanized driving showed a generally fine grain diameter, with 70- 
80% in the 0/16 mm fraction and the typical presence of elongated grains termed “chips”. The 
presence of hydrocarbons resulting from the maintenance of the driving head cannot be 
excluded. 

— The raw material from conventional driving showed a more balanced distribution between 
the fine and coarse fractions, with 40-60% in the 0/16 mm fraction on average, with grains 
that were geometrically more cubic. The main residual materials were those resulting from 
the explosives (nitrates, bits of detonated fuses). 


Geology Processing 
Excavation 0-150 mm 16-150 mm Aggregates 


1'110 kt 897 kt 770 kt 
445 kt A-Material 


sess 
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Mass fraction of grains <d as % of tota) amount 


po 


oo 0083, 1 7 © yg # 18 e 


CBT 
7'590 kt 


ec SBBSERBSESERS 


Mass fraction of grains <d as % of total amount 


Figure 6. On the left: grain size distribution from the material by TBM (above) and D&B (below). On 
the right: production yields for A-Material. 
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The spoil processing first involved the sieving of the 0/16 mm fraction from the raw 
material type A resulting from the mechanized driving used for the excavation of the 
intermediate access at Sigirino. On the one hand, the 16-150 mm fraction is easier to 
treat and then to transform into concrete aggregates in the processing plant. On the 
other hand, it was possible to save on primary stock volume at the intermediate stock 
for suitable material, avoiding the storage of too much fine sand that would be not used 
in the concrete production. 

Pre-sieving of the raw material contributes to an improvement in final quality (hardness, 
shape) of the aggregates for concrete and stabilizes the natural production yield of the process- 
ing plant. 

The sieving of the 0/16 mm fraction did not take place for the raw material type 
A resulting from the drill and blast driving method during the main excavation of the 
tunnel. At the excavation head, this material was pre-crushed to 0-150 mm and sent directly 
to the central and northern sectors of the intermediate deposit. Only a minimal part of 
material was sieved due to geotechnical properties of the fine fraction that were not good 
enough for it to be reused as aggregates for concrete. Some of the raw material resulting 
from excavation using explosives was suitable for various reuses, such as foundation layers 
or fill. Another part of this material was shown to be ideal as stones for drainage works at 
the foot of the final deposit for leftover material. 

Washing and selection of the produced fraction were carried out during the transformation 
of raw material into aggregates for concrete. The process generated waste material in the form 
of sludge made up of an extremely fine fraction < 0.063 mm. On the CBT worksite, the clods of 
pressed sludge from the treatment plant of the wash water contained approx. 25-30% of residual 
water content. After temporary storage in a covered deposit, this value was able to be reduced 
to about 20% before disposal. 

The sludges produced by the processing of the material resulting from mechanized and con- 
ventional driving were of varying quantities and qualities. From the analysis of hundreds of 
measurements, it was confirmed that the amount of sludge resulting from processing was 
about 17% of the mass of the driving material using TBM and only 9% of the driving material 
using explosives (material entering the plant = 100%). 

As shown in Figure 6 (right), the processing yields with the respective losses for the Ceneri 
Base Tunnel project were about 53% for the material excavated with mechanized driving and 
73% for that excavated with drill and blast driving. The final quality of the processing sludge 
will be presented in section 5.3. 


5.2 Waste material 


With reference to Table 1, 6 typologies of waste material from the underground worksites 
were identified from the CBT and GBT worksites. The quantity and chemical quality of the 
waste materials were registered according to a systematic supervision plan. (hydrocarbons, 
nitrite, ammonium, chromium VI, pH). 

2b) Pressed sludge from the aggregate treatment plant (MAB): variations in quantity and 
quality depending on the processing technology, but independent of other cyclic driving activ- 
ities. The quality depends on the degree of separation of the shotcrete rebound material from 
the excavation spoils at the face. 

2c) Surplus waste material from the aggregate processing plant (MAB): fine fractions and 
surplus components left over after the selection process, crushing and washing of the aggre- 
gates. This process is influenced by the efficiency of the treatment process and the physical 
characteristics of the rock (e.g., hardness, schistosity). 

5a) Residual material from the tunnel face support and lining: this is primarily due to 
rebound concrete, demolished concrete and excavation material from the invert. This 
waste is often underestimated during the project phase. For drill and blast driving, the 
removal of waste material at the invert generates unexpected quantities of polluted 
material. 
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5b) Excavation material separated in exceptional cases (e.g., accidents): includes the 
excavation material which did not follow the ordinary transport path for technical 
reasons (e.g., malfunction of the conveyor belt) or the condition of the material (e.g., 
wet, unsuitable size, presence of foreign bodies). The production of this waste is influ- 
enced by the driving difficulty or indirectly by a systematic supervision process at the 
source. In the cases where this process in applied, the occurrence of this waste is = 1% 
of the total excavation material. 

5c) Sludge containing cement: this category is composed of residual concrete in vehicles or 
unused and hardened concrete which is disposed of because it is not able to be reused. The 
production of this waste is correlated to the quantity of concrete produced and to the distance 
of the point of use from that of concrete production. The quantity and quality are in fact simi- 
lar for TBM or drill and blast driving methods. 

6) Pressed sludge from the tunnel water treatment plant (TWAB): is the extremely fine frac- 
tion < 0.063 mm from the dehydration of the underground drainage water in an external 
plant. At the CBT and GBT worksites, the plants were located within a 10 km radius, so that 
the flow of underground water reached the plant in an average time of 48-72 hours maximum. 
For longer periods, the correlations progressively lose validity. It was demonstrated that the 
percentage of sludge compared to the excavation material does not depend on the flow rate of 
the underground water, which varied from 10 I/s to 200 I/s. As the drained flow rate increased, 
the concentration of solids decreased. 


5.3 Influence of the driving method 


The choice of the excavation method has a significant impact on the quantity and quality of the 
residual materials, which should be taken into consideration in evaluations of an environmental 
nature. Figure 7 summarizes the complex yield of the production of aggregates for concrete 
from A-Material (=100%) extracted at the CBT for both mechanized and conventional driving 
methods. 75% of A-Material was recycled into aggregate for concrete, 17% was made up of siev- 
ing waste, while 8% was made up of sludge from treatment operations, of which about 2/3 was 
slightly polluted and about 1/3 heavily polluted. 
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Figure 7. Aggregate production yield and sludge production at the CBT. 


The data show that the treatment of conventional drilling material results in a higher yield 
in terms of aggregate production for concrete with respect to that of TBM material (=75% 
versus ~55%). Nevertheless, the residues from the treatment of conventional drilling material 
(sludge from the washing plant and fines) must be disposed of in a landfill at a higher cost. 
The treatment of TBM drilling material produces more MAB sludge but it is of higher quality 
and could possibly be reused. 
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Figure 8. Quantities and qualities of waste material for TBM versus conventional drilling method. 


Concerning the waste material from underground, the quantities of total residues generated 
during excavation was 10% of the total amount of excavated material, including overbreak. 
A shown in Figure 8, for excavation with TBM, the greater quantities of residues (11%) 
compared to conventional driving (9%) is compensated in terms of effective quantity by less 
overbreak. In summary: 


— Driving with TBM produces more residues compared to conventional driving, in % of the 
extracted material. 

— All other conditions being equal, the total quantity of residues was nevertheless less on 
average for the excavation with TBM due to the smaller overbreak compared to the theor- 
etical excavation cross-section (TBM +1% versus D&B +15-20%). 


In the case of conventional drilling, the percentage of residues to dispose of in landfill 
or in thermal treatment plants is greater compared to those from the TBM drilling 
material (5.5% versus 3.5%), because of the nitrogen compounds (nitrites). 

By using the statistics obtained, this study was able to support the analytical characterization 
of the excavation material under the following conditions: 


Table 2. Reference parameters for waste and excavation materials. 


Reference parameters for 
Parameters of waste material excavation material 


Hydrocarbons C 40.49: 


— Sludge MAB: < 500 mg/kg Cio-40 << 50 mg/kg 
— Sludge TWAB: < 5'000 mg/kg 
Maximum separation of rebound concrete and cement residues Cr VI < 0.05 mg/kg 
Nitrites NO, (eluate): 
— Sludge MAB: < 1.0 mg/l 
— Rebound concrete, excava- NO2 << 0.1 mg/l 
tion material from invert: < 0.5 mg/l 
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a) the residue types are adequately separated, and 
b) the analytical results on the waste material respect the combination of reference values 
indicated in Table 2. 


Certain waste materials, for example, sludge from tunnel water treatment, show constant 
values for the analyzed parameters. The quality of these materials can be expected, and it is thus 
unnecessary to foresee a supervision plan reducing costs for the storage areas and laboratory 
analyses. 


6 CONCLUDING REMARKS 


The decision to recycle the excavation material for the production of concrete must aim for 
the principle of maximum reuse. In large infrastructure projects, quantity and quality of the 
waste materials must be sufficiently considered. 

During the approximately 20 years of worksite activities for the construction of the 
Gotthard and Ceneri Base Tunnels, the systematic measurement of material parameters 
has shown itself to be efficacious for the organization and management of the worksites. 
The analysis of statistically reliable samples permitted the development (using back- 
analysis) of an instrument to forecast the quantities and qualities of the products result- 
ing from the treatment of the materials, which could be applied more generally to future 
underground works. 

In certain cases, these indications can optimize the necessary number of laboratory 
analyses and influence the cost-benefit ratio of the recycling operations of the excavation 
material. 
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ABSTRACT: The underground infrastructure construction has lacked progress towards 
decarbonization and sustainability due to inconsistency of practice, uniqueness of ground con- 
ditions, and independency of disciplines, urging to transition the way we design, construct, 
and operate tunnels. This paper reviews current internationally accepted guidelines of carbon 
accounting methodologies, namely the module-based method from EN 15978 and the scoped- 
based method from Greenhouse Gas Protocol, then seeks to digitally implement these 
methods to account emissions sources in tunnelling, enabled by parametric modelling in 
Building Information Modelling (BIM) with a case study of prefabricated station. Further- 
more, to fundamentally integrate carbon assessments with geotechnical design, a multi- 
objective optimization algorithm is implemented to generate the optimal solutions resolving the 
conflicted goals of stability and carbon reductions for TBM tunnel support design. This paper 
proposes a BIM-enabled carbon-integrated design workflow for underground infrastructures. 


1 INTRODUCTION 


Since the global infrastructure booms in past decades due to exponential population grow and 
urbanization, subsurface developments have become one of the most effective solutions to 
resolve issues of space shortage and congestion in the transport sector. The urban develop- 
ments have also imposed inevitable impacts on local and global environments causing climate 
change. With the release of the IPCC Assessment Report, it has pointed out that the largest 
contribution to climate change and other sequential damage on ecosystems is Greenhouse Gas 
(GHG) emissions from human activities, leading to the realization of the international goal of 
Net Zero of 2050 for wellbeing of future generations (Rama et al., 2022). Therefore, sustain- 
ability, often interpreted as three intersecting circles of social, economic, and environmental 
impacts, is shifted to be of equal importance to safety in the Architect, Engineering, Construc- 
tion (AEC) industry (Ortiz et al., 2009). While sustainable developments have been well prac- 
ticed in building industry in the past decade, the underground infrastructures have lacked 
progress towards decarbonization and faced difficulty from lack of initiatives, guidance, 
standards, and references due to its nature of large-scale, independency, and uncertainty. 
Looking at the progress towards sustainable construction, publications of national study 
investigating one country’s carbon emissions composition can help understand the carbon 
hotspot in national scale, providing guidance for decision makers. For example, UK’s Infra- 
structure Carbon Review 2020 Data Update following its preliminary studies of “Low Carbon 
Construction” and “Infrastructure Carbon Review” has revealed that up to 59% of the 
national total carbon footprint comes from 5 major infrastructure sectors (Giesekam, 2020). 
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While the infrastructure sector water, energy, communication, and waste have achieved signifi- 
cant reductions of up to 40% of their own sector footprint since 2010, the transport is the only 
sector with increasing emissions of up to 30%. To establish accounting of carbon footprints 
from built environments, several institutions and organizations have published their standards 
and guidelines to calculate carbon emissions with different methodology and various system 
boundary classification (EN15978, 2011, ghgprotocol, 2004). While different regions have their 
own preferences of accounting methods, all presented methods have put their focus on buildings 
and on-surface infrastructures (e.g., roads, bridges, rails), lacking specifications and instructions 
for underground infrastructures. Considering the potential future developments of tunnels and 
metro stations, engineers must urgently come to a common understanding of quantification of 
tunnelling emissions so that sustainable decision making can be made during geotechnical and 
structural design with sufficient references and benchmarks. Therefore, this paper reviews two 
most commonly accepted GHG emissions accounting methodologies, namely the module-based 
method from EN 15978 and the scoped-based method from Greenhouse Gas Protocol by inves- 
tigating their applicability in tunnel and station projects with case studies. 

On the one hand, GHG accounting for underground infrastructure is highly inconsistent and 
uncertain as mentioned above. On the other hand, there are gaps between GHG inventory and 
actual geotechnical design, where stability analysis and tunnel support design are segregated 
from sustainability assessments, even though these two disciplines are highly dependent. For 
a fundamentally effective sustainable design approach, analysis from both disciplines mush be 
integrated during decision making. Digitalization, as a series of digital tools and information 
assets, engaged with advanced technologies and effective systems, could be the key enabler to 
fundamentally transition the way we design, construct, and operate sustainable tunnel projects 
(IET, 2022). Building Information Modelling (BIM) refers to the process of a digital representa- 
tion of the physical asset with its geometrical properties and semantic enrichment (Eastman 
et al., 2011), which could serve as an interactive platform to store and manage corresponding 
parameters (e.g. GHG inventory, design variables) for integrated engineering analysis, and 
finally design optimization for sustainable decision making. In the context of geotechnical 
design for tunnels and metro stations, this paper incorporates BIM to streamline and automate 
model digitalization, stability analysis, carbon assessments and design optimization. 

This paper is organised as follows. Section 2 reviews the current practice of scope-based 
method to account carbon emissions of tunnelling projects. Section 3 reviews the module- 
based method and seeks to embed this method in BIM to automate carbon accounting for 
station projects. Section 4 investigates the integration of carbon assessments and conventional 
geotechnical analysis method by applying multi-objective optimization algorithms. Section 5 
concludes this paper with discussions. 


2 CARBON ACCOUNTING: SCOPE-BASED METHOD 


Carbon accounting/assessment/analysis, or formally referred as GHG Inventory Development 
is a process of identifying GHG emission sources and quantifying the corresponding emis- 
sions. Depending on the definition of system boundary, the commonly accepted accounting 
methodologies can be categorised into scope-based method (organisational boundary) and 
module-based method (chronological boundary). Regardless of scope-based or module-based 
method, carbon assessment is not only accounting CO, emission, but all gases that impose 
greenhouse effects including many others. Factored by their Global Warming Potentials 
(GWP) and summed up, all GHG from each emission source is quantified as a single numeric 
value with unit of CO, equivalent (CO z¢e). 

The scope-based method (ghgprotocol, 2004) originates from The Greenhouse Gas Protocol 
developed by the World Resources Institute (WRI) and the World Business Council for Sustain- 
able Development (WBCSD) for carbon assessments in organisational level. While it is initially 
designed for organisations such as private companies and corporates, its fundamentals are inter- 
nationally endorsed and recognised by parties from other sectors, such as the United States 
Environmental Protection Agency (USEPA) and the Transport Authorities Greenhouse Group 
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(TAGG) in Australia Therefore, its application has extended to project level accounting with 
sector-specific adaptations. For example, the TAGG published the GHG Assessment Work- 
book for Road Projects in 2013, applying the scope-based classification to standardise 
accounted emission items in road projects. In Victoria, Australia, there are two major under- 
ground infrastructure projects that have used the scope-based method to officially account for 
their GHG emissions, namely Melbourne Metro Tunnel and West Gate Tunnel. By investigat- 
ing their official Environmental Effect Statements (EES) (bigbuild, 2022), the scope-based 
system boundary for tunnel projects is introduced in section 2.1. 


2.1 System boundary: Scopes 


In scope-based method, GHG emissions are categorised into three scopes, namely Scope 1: 
Direct GHG emissions, Scope 2: Electricity indirect GHG emissions, and Scope 3: Other indir- 
ect GHG emissions (Figure 1. Left). As a case study, using the Greenhouse Gas protocol as 
guidance, Metro Tunnel has a 9-km twin tunnel with 5 metro stations located in Melbourne 
CBD. In Figure 1. Right, the scope-based method accounting results show that the majority of 
GHG arises from the embodied carbon of materials in scope 3 considering the massive amount 
of concrete used as linings. On the other hand, sources in scope 1 and 2 mainly from construc- 
tion plant/equipment have relatively small emissions accounting only 30% of total footprints. 
West Gate Tunnel has also demonstrated a similar composition where scope 3 is the largest con- 
tribution of up to 80% of total emissions. It is worth noting that it has not accounted the sta- 
tions explicitly like Metro Tunnel. By summarising their common accounted items, the detailed 
emission sources in scope-based system boundary is described in following sections. 
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Figure 1. (Left) the definitions of scopes in scope-based method. (Right) account results of Metro 
Tunnel and West Gate Tunnel. 


2.1.1 Scope 1: Direct GHG emissions 

Scope 1 emissions are GHGs directly generated from activities owned/controlled by the pro- 
ject. These activities refer to processes in any equipment, plants, and vehicles that are used to 
conduct works in the construction site. Tunnel projects could include the following activities: 


* Diesel combustion of any equipment and plants used by personnel to conduct construction, 
excavation, installation, removal, and any other activities necessary to finish the planned 
works, including combustion in electricity generator on site. 

e Diesel/petrol combustions in all site vehicles for transportation of personnel, materials, 
waste, equipment/plant within the construction site. 

e Removals and disturbance of vegetations that serves as carbon sinks (absorb carbon diox- 
ide more than it can release). 

e Any other physical/chemical processes that directly produce and emit carbon dioxides. 
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2.1.2 Scope 2: Electricity indirect GHG emissions 
Scope 2 emissions are GHGs that are indirectly emitted offsite from generation of electricity, 
heating/cooling to perform activities associated with the tunnel project. These include: 


° Electricity powered equipment/plant to conduct construction and excavation works on site 
(e.g. TBMs, Roadheaders, pumps). 

e Heating, ventilation, air conditioning (HVAC), lighting, and any other utility powered by 
electricity in the construction site, including power consumption by site offices. 


2.1.3 Scope 3: Other indirect GHG emissions 

Scope 3 emissions are indirect GHGs that originated from sources not owned or controlled by 
the project/company, but serve as consequences and/or contributions to activities of the 
accounted project/company. Typical scope 3 emissions: 


¢ Extraction and production of purchased materials and fuels. 
¢ Transportation of purchased materials and fuels. 
e Disposal and transportation of waste. 


2.2 Limitations 


Even though the scope-based method is globally accepted in many disciplines, the standard- 
ised adaptations in tunnelling is still lacking, leading to inconsistency of account items 
between applications in different projects. As scopes are classified based on project/organisa- 
tion boundary, in actual practice some jointed activities may have difficulty in distinguishing 
between scope | and 3, leading to potential overestimation from repeated accounting. Fur- 
thermore, unlike any other on-surface construction, great uncertainty has occurred in scope 2 
due to inconsistent calculating method of the electricity indirect emissions from TBM tunnel- 
ling. The Metro Tunnel has used the TBM power rating to estimate its electricity consump- 
tion, while the North East Link directly uses TBM consumption data from West Gate Tunnel 
to convert based on tunnel lengths, despite that they have different TBMs in different geo- 
logical conditions. Therefore, it has been pointed out that the tunnel construction and oper- 
ations have lacked a standardised scope-based approach to account for their GHG emissions, 
thus imposing difficulty in providing meaningful advice for sustainable decision making. 


3 CARBON ACCOUNTING: MODULE-BASED METHOD 


CEN/TC 350 The Technical Committee for Sustainability of Construction Works published 
their comprehensive framework for assessing the sustainability performance of construction 
activities. These standards include the calculation method defined in EN15978, and the Environ- 
mental Product Declarations (EPD) standardised in EN15804. The module-based method refers 
to the modularity principle defined in EN15978 for environmental impact assessments of con- 
struction works. Popularly accepted by industries, major databases, and integrated in many Life 
Cycle Assessment (LCA) tools, EN15978 assigns all activities to chronologically categorised 
modules for whole life cycle of construction assets grouped under four life cycle stages: Product 
(A1-A3), Construction (A4-A5), Use (B1-B5), End of Life (C1-C4), Beyond life cycle (D). 


3.1 System boundary: Modules 


The system boundary of carbon accounting with module-based method for tunnel-specific 
projects has not been defined yet. Even though the module-based method and scope-based 
method have fundamentally different system boundary definition, they still have to account 
for the same emission items. Therefore, the account items in scope-based method identified in 
Section 2.1 will be utilised to fit in the EN15978 modules (Table 1). 
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Table 1. Common construction activities as account items in scope-based and module-based methods. 


Emission source Activities Scope Module 
Transport fuel Spoil removal 13 A4 
Materials delivery 3 A4 
Site vehicles 13 A5 
Stationary fuel Construction plant/equipment (including demolition/ 13 AS 
earthworks) 
Purchased electricity Construction plant/equipment (TBM included) 2 AS 
Site offices 23 AS 
Embodied carbon in Stations 3 Al1-A3 
materials Tunnels/portals 3 Al-A3 
Rolling stock 3 Al-A3 
Other Excavation of vegetation 1 AS 
Treatment of WASS 3 AS 


3.2 BIM for carbon accounting 


As aforementioned, BIM is a digital advancement that has great potential for underground 
infrastructures by streamlining workflows (Huang et al., 2021). A core technology to BIM is 
automatic geometric manipulation and information enrichment through parametric model- 
ling. One of the most significant features of parametric modelling is variable parameters as 
they directly dictate the usage of models. Given appropriate definitions of those parameters, 
they provide enough degrees of freedom to allow effective changes while remain convenient to 
implement. Therefore, multiple level of details (LoD) representations of BIM models for three 
representative underground infrastructures have been proposed, in accordance to (DAUB, 
2019) for tunnel structure, and (Huang et al., 2022) for mined excavation, as shown in 
Figure 2. Correspondingly, the appropriate parameters are defined to satisfy the intended use 
case of model at a distinct LoD. 


LoD 100 _ 


Tunnelling 
Support 


Mined 
Excavation 
Support 


Prefabricated 
Support 


Figure 2. Multi-LoD model for support/structure of a typical TBM tunnel, mined station and prefabri- 
cated station. 


BIM aids in lifecycle-based environmental sustainability analysis (Wong and Zhou, 2015). 
Parameterisation and automation capabilities are key strengths. After understanding the emis- 
sion source of underground construction and their accounting methods, the corresponding 
data and design parameters (e.g. carbon factors, transport mode, construction equipment/ 
plant) can be collected into a BIM model enriching its semantic contents with respects to the 
environmental attributes and values. Along with calculation methods and associated formu- 
las, automatic carbon accounting and reporting can be enabled. 
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Using the protype of a prefabricated station (Yang and Lin, 2021), a parametric analysis of 
CO, calculation is conducted leveraging the module-based approach as defined in Table 1. By pre- 
defining the system boundary and life cycles in the BIM platform, the imported parameters are 
linked to the corresponding formulas, so that assessment results can be instantly generated from 
parameter value inputs with automatic inferences. By generating a few design alternatives with 
different design parameters (e.g., more height, double columns, double slabs), the corresponding 
carbon assessment can be performed. Starting from retrieving and assigning parameters and cor- 
responding values to the model components, and engages an automatic parameter/value assigning 
algorithm. Then, the function of creating parameters that numerically relate to other parameters 
is achieved by using formulae. In this way, the GHG emission can be generated according to the 
volumes of the components, as shown in Figure 3. This can help the decision makers to identify 
the impact and sensitivity of key design variables and make changes accordingly. 
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Figure 3. Total embodied carbon and proportionate contributions by components of four alternatives. 
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4 INTEGRATED DESIGN WITH STABILITY 


After the carbon assessment results can be calculated using the methods introduced previ- 
ously, the actual geotechnical analysis for support design is still not taking these carbon emis- 
sions into consideration. To fundamentally change the geotechnical design with the goal of 
carbon reduction, the carbon assessments must be seamlessly integrated into conventional 
geotechnical analysis. However, these two disciplines have conflicting objectives, where 
a more sustainable design would have compromised geotechnical stability. For example, redu- 
cing the thickness and strength of linings decreases the carbon footprint of tunnelling, but also 
compromises the tunnel stability, which is not acceptable. The ultimate challenge is how to 
determine the “best” trade-off between different stability and sustainability. Therefore, this 
paper proposes to utilise the multi-objective optimization algorithms. 

Multi-objective optimisation is a topic concerned with multi-criteria decision making, where 
two or more objectives are conflicting with each other and one solution satisfying all goals is 
not possible (Chang, 2015). The main goal of multi-objective optimisation is to calculate the 
Pareto front, which is a set of optimal solutions that give the best trade-off among all objectives. 
In this state, no objectives can be improved without degrading any other objectives, so that the 
decision maker can select from these optimal solutions. As one of the most popular multi- 
objective optimization algorithms, the elitist genetic algorithm, a variant of the famous Non- 
dominated Sorting Genetic Algorithm II (NSGA-IJ) will be used in this paper (Deb, 2001). 
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To streamline the design process and automate carbon analysis with integrated geotechnical 
analysis, a Graphical User Interface (GUI) is developed for user inputs and design outputs 
(Figure 4). Starting from the left panel named Digitalisation, basic geometrical and geological 
information of the tunnel are input here to define the tunnel dimensions, insitu stress, and 
selection of constitutive models. The middle panel named Stability, allows the user to select 
the tunnel lining material and other parameters. The Convergence-Confinement Method 
(CCM) will be used as the stability analysis method (Panet and Sulem, 2022), while the carbon 
assessment will use module-based method from EN15978 considering the product stage emis- 
sion of reinforced concrete lining in the right panel. 

Finally, by selecting the optimization objectives and design variables, the optimization can 
begin processing. For a typical TBM tunnel with fixed alignments, the design variables chosen 
here are lining thickness, lining strength, installation distance from tunnel face, and TBM con- 
finement pressure ratio. The problem will be optimised to minimise carbon emissions, minim- 
ise tunnel convergence, and optimise Factor of Safety (FoS) from CCM. The final design 
output will be demonstrated in the bottom right corner once the calculation is complete. 
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Figure 4. The GUI of the interactive platform for carbon-integrated geotechnical analysis and design. 
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(Left) The 3D pareto front with objectives of carbon emissions, tunnel convergence, and FoS. 


(Right) The 2D pareto front with objectives of carbon emissions and FoS. 
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As there are three objectives selected, the design output will be a 3D surface (Figure 5. 
Left). Theoretically, the interpolated surface from Pareto front should lies below all the black 
points (randomly generated design outputs), indicating the generated optimal solutions have 
lower carbon emissions than the overall design space. Looking at the plane of Carbon and 
Convergence, no relationship can be identified as all optimal points are spread over the plane. 
This can be explained as the embodied carbon is solely controlled by the concrete strength 
and thickness, while the tunnel convergence depends on the support installation time. These 
are all independent design variables dictating unrelated objectives. Looking at the other plane 
of Carbon and FoS, a proportional relationship can be observed. The stronger the support, 
the higher the carbon emissions surely. However, for the same FoS on any vertical axis, there 
still appears to be a wide range of optimal solutions that is hard to locate. This is because the 
third objective of tunnel convergence has biased the Pareto optimal due to its low dependency 
with the other two objectives. This can be solved by removing the objective of minimising 
tunnel convergence and the problem is optimised again. The bi-objective optimization result 
has shown a clear pareto front line lying under the randomly generated design space 
(Figure 5. Right). This means that for any requirement of FoS, the optimised solution has 
successfully obtained the minimised carbon objective by delaying support installation time, 
thus reducing the support stress. This optimiser can serve as a power tool for decision makers 
to understand the trade-off between different self-defined objectives, thus selecting the best 
solution that suits one’s needs. 


5 CONCLUSION 


In the context of Net Zero by 2050, to promote sustainable construction in underground 
infrastructure, this paper reviews the most recognised carbon assessments methodologies 
and their system boundary definition. By investigating their current practice in tunnel 
projects, it is realised that there are great uncertainty and variability in scope-based 
method, potentially due to ambiguous definition of Scope 1 and 3 and lack of under- 
standing of TBM tunnelling consumptions. After the module-based method is reviewed 
and implemented in the summarised tunnel carbon inventory, module-based method is 
incorporated in BIM to allow automatic assessment and identification of carbon hotspot for 
several design alternatives of a prefabricated metro station. Finally, to fundamentally inte- 
grate geotechnical analysis and carbon reduction, a GUI is developed allowing design auto- 
mation and multi-objective optimization with streamlined workflow of user inputs and 
design outputs. This paper hopes to serve as basis of carbon accounting, automatic assess- 
ment in BIM, and sustainable design optimization of underground construction. 
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ABSTRACT: When considering the main challenges of the ecological transition in under- 
ground structures, several points of view are possible. First, the underground structure can be 
seen as part of the transportation infrastructure and can therefore be one of the solutions to 
reduce the carbon intensity of transportation and achieve a more sustainable mobility. 
Besides, it may also refer to underground space offering new opportunities in terms of usages 
for the sustainable city. Whenever possible, multifunctionality, resilience and mutability 
should be part of the design criteria. Finally, the ecological transition must also be at the heart 
of the design, construction and operation of underground structures, by reducing the carbon 
footprint and the consumption of natural and energy resources. This article intends to develop 
and illustrate all these aspects, which might form the bedrock of a certain vision of the eco- 
logical transition in tunnels and underground spaces. 


1 INTRODUCTION 


1.1 The UN’s 17 Sustainable Development Goals 


Beyond the sole climate emergency, the UN’s 17 Sustainable Development Goals (SDGs) pro- 
vide us with a roadmap to a better and more sustainable future for all (cf. Figure 1). They 
address the global challenges we face, including poverty, inequality, climate, environmental 
degradation, prosperity, peace and justice. 

The 2030 Agenda for Sustainable Development, adopted by all United Nations Member 
States in 2015, provides a shared blueprint for peace and prosperity for people and the planet, 
now and into the future. At its heart are the 17 SDGs, which are an urgent call for action. The 
2030 Agenda also establishes an international review process, whereby States are invited, on 
a voluntary basis, to report annually on their progress. The implementation of the SDGs at 
the level of each State requires the active engagement of governments as well as all stake- 
holders (companies, communities, associations, researchers, etc.). 

Underground projects generally have strong social, economic and environmental impacts. 
These impacts can be both positive and negative. Tunnels also raise safety and mobility issues. 
However, they allow to preserve the living environment near underground structures (reduc- 
tion of nuisance for local residents), limit greenhouse gas emissions (GHG) by reducing the 
length or the slope of the routes (passage through a mountain), and finally, restore the surface 
to a more sustainable use. Such benefits are clear, especially in dense urban areas where build- 
ing underground is often the only option and represents an opportunity for a city to develop 
further while respecting the sustainability requirements that are linked to any new urban plan- 
ning project. Nowadays, it is essential not only to address global issues, but also to be active 
at the local level by meeting the new expectations of owners and developers. Thus, optimizing 
the management and use of excavated materials, improving air quality, achieving energy sav- 
ings during the operating phase, and designing multifunctional structures are major concerns. 
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Figure 1. Sustainable Development Goals (SDGs) according to the UN (https://sdgs.un.org/goals). 


The support of underground projects requires bringing an additional environmental insight 
to the decision-makers and thus contributing to building and developing in a more sustainable 
way beyond technical and economic considerations. Taking sustainable development into 
account leads to the development of a transversal approach and a holistic and objective vision 
of a given problem. It leads to explore new subjects and to give innovation its rightful place. 

An attempt to describe the SDGs most relevant for the underground sector is outlined in 
Table 1. 


Table 1. The underground sector as regards SDGs. 


N° Title Detailed topics (e.g.) 
3 Good health and well-being Ensuring good air quality, comfort and safety of users and local 
residents 
6 Clean water and sanitation Preservation of water resources, ensuring drainage and sanitation 
7 Affordable and clean energy Use of “green” energy and possible energy production or recovery 
(geothermal potential. . .) 
8 Decent work and economic Local employment during construction and operation 
growth 
9 Industry, innovation and Eco-design, low-emission worksite. . . 
infrastructure 
10 Reduce inequalities Ensuring local economic growth by connecting areas 
11 Sustainable cities and Low-emission operation, preservation of the surface for a more 
communities sustainable usage. . . 
12 Responsible consumption and Circular economy, eco-design. .. 
production 
13 Climate action Mitigating GHG emissions (materials, energy. . .) 
14 Life below water Preservation of marine and aquatic life by a relevant management 
of water 
15 Life on land Preservation of fauna and flora by taking appropriate and compen- 
satory measures 
17 Partnerships for the goals National strategies and SDG integration 
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1.2 Focus on tunneling and underground space vs. “climate change” 


Describing the place of the underground sector in the context of climate change is not as 
immediate as one might think. It may be a transport infrastructure characterized by the use of 
industrial construction materials with high impacts on climate change (concrete, steel, etc.) 
but also by significant energy consumption and emissions related to construction, operation, 
maintenance and traffic. Thus, the emissions of the underground sector are spread in several 
items: “energy industry”, “manufacturing industry and construction”, “transport” and 
“industrial process”. 
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Figure 2. Distribution of GHG emissions by source in the EU-27 (Datalab 2022). 
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Figure 3. Distribution of GHG emissions by source in France (Datalab 2022). 
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In the European Union, the “energy use” remains the main source of greenhouse gas emis- 
sions (GHG) in 2019 (76.6% of the total source of GHG emissions, including 26.8% for the 
energy industry and 23.1% for transport). It is followed by agriculture (10.7 %) and industrial 
processes (9.4%) (cf. Figure 2). France differs from the EU by its low part of emissions from 
the energy industry (9.6% of the total in 2019), due to the important weight of nuclear power 
in electricity production. Transport is thus the first emitting sector in 2019, with 30.3% of the 
total (cf. Figure 3). 


2 THE ECOLOGICAL TRANSITION IN TUNNEL AND UNDERGROUND SPACE 


2.1 The tunnel as a component of the transport infrastructure 


Linear 


Figure 4. Schematic description of a linear underground infrastructure (Audi 2020). 


First, the underground structure can be considered as a component of a transport infrastructure 
and thus can contribute to the decarbonisation of transportation and to the evolution towards 
a more sustainable mobility. Indeed, a tunnel can be seen as a solution to better design an inter- 
connected transport network and encourage, for example, a modal shift towards less polluting 
modes. Similarly, a tunnel can reduce the length and the slope of a given route, thereby reducing 
the negative impacts during operation. At the same time, adaptations are necessary to support 
and facilitate the transition in mobility (taking into account new propulsion energies, soft 
modes and low-emission transport (e.g. reserved lanes for carpooling)). 


2.2 The underground space as part of urban planning 


Figure 5. Schematic description of a punctual underground structure like a mall or a station (Audi 2020). 


The underground structure can also be a space that can be developed, offering new opportun- 
ities in terms of uses. First of all, for the sustainable city: auditoriums, shopping centers, 
underground services, logistics warehouses, energy and water networks, waste collection, 
underground farms, etc. Multifunctionality, resilience and mutability should be part of the 
design criteria for these underground spaces. Then, for more specific uses as well: storage of 
nuclear waste, research infrastructure (e.g. CERN future circular collider)... The surface and 
the subsurface developments must be considered simultaneously in order to find synergies 
(e.g., the excavated materials can be used to build surface infrastructures and buildings). 
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2.3 The ecological transition over the whole life cycle 


Finally, the ecological transition must also be at the heart of the design, construction and 
operation of underground structures. This can be achieved by reducing the carbon footprint 
and the consumption of natural and energy resources, by limiting health and environmental 
impacts (e.g. limiting exposure to fine particles and other pollutants) and by preserving bio- 
diversity (protection of species (the fauna and the flora), continuity of the green, blue and 
black grids, and, where appropriate, compensatory measures). 
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Figure 6. Description of the life cycle of a tunnel (D’Aloia et al. 2012). 


This last point of view is in line with the idea of an eco-design of underground structures. 
Two levers for action are then possible depending on the stage of the project: 


— Either the decision to build the underground structure has not yet been taken: a reflection 
on the opportunity to build it or not and on the possibility to mutualize functions can be 
carried out (limitation of impacts by seeking a synergy in the technical answers brought to 
the various identified needs); 

— Or the decision to build has already been taken: it is then a question of making technical 
choices that will limit the environmental impacts of the underground structure throughout 
its entire life cycle (e.g. alternative material to steel, low-carbon cement and concrete, 
machines and vehicles with electric propulsion. . .). 


ISO standards give a definition of eco-design (cf. ISO 14006 — 02/2020). It can be applied to 
products, services and more generally to any system or work: eco-design is a “systematic 
approach that considers environmental aspects in design and development with the aim to reduce 
adverse environmental impacts throughout the life cycle of a product’. Other terminology used 
worldwide includes for example “environmentally conscious design (ECD)”, “design for envir- 
onment (DfE)”, “green design” and “environmentally sustainable design”. 

Of courses, eco-design should not be implemented at the expense of cost. It may be a source 
of innovation and it can contribute to value creation in parallel to its primary purpose of 
lowering environmental impacts. It allows making the product, service or work, more sustain- 
able by increasing its functionality (smaller and lighter products, material and energy reduc- 
tion, material aesthetics and durability ...). 


3 ASSESSING ENVIRONMENTAL AND SUSTAINABLE PERFORMANCE OF 
TUNNEL AND UNDERGROUND SPACE 


During the implementation of eco-design approaches, the evaluation of environmental and 
sustainable performance of underground structures is required. 
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3.1 Life Cycle Assessment (LCA) as a tool for eco-design 


LCA is a method for assessing environmental impacts that can be used throughout the eco- 
design process. LCA is a multi-criteria and multi-stage method that allows preventing transfer 
of pollution from one medium to another (water, air and land) and in time (from one stage of 
the life cycle to another). It integrates the assessment of greenhouse gas (GHG) emissions 
(“climate change” impact category indicator) but also takes into account other environmental 
impact categories such as acidification, eutrophication aquatic freshwater or marine, depletion 
of abiotic resources, ozone depletion... LCA is therefore a tool for eco-design. It can be used 
in the exploration, selection and communication stages of eco-design: current and new solu- 
tions are evaluated by LCA in order to make an objective selection. Besides, transparent com- 
munication helps avoiding suspicion of “greenwashing”. 


3.2 Results obtained for underground structures 


Tunnels represent a significant part of the environmental impacts of transport infrastructures. 
Several studies conducted during the past few years enabled to collect data related to the con- 
struction of tunnels, to model the construction phase and finally to precisely evaluate its 
impacts on the environment by using the LCA method. Results showed that, in the case of 
conventional tunneling (drill and blast), materials are responsible for approximately 60 to 
80% of the total impacts depending on the impact indicator. About 15 to 30% of the total 
impacts can be attributed to the construction site itself (machines) and the remaining 5 to 10% 
to transport and facilities depending on site location and constraints. In addition, 80 to 90% 
of material impacts are due to concrete and steel as greater quantities of these kinds of mater- 
ial are required when the geology is unfavorable (D’Aloia et al. 2012 and 2015) (cf. Figure 7). 
These results are in reasonably good agreement with those published in the literature as far as 
we account for tunnel cross-section, differences in construction practices between countries, 
geology and electricity mixes (Chun Guo et al. 2019, Damian et al. 2022, Huang et al. 2015 
Rodrigues et al. 2021). 

Hence, the choice of construction materials and more particularly the choice of concrete 
and cement is one of the best ways to reduce the impacts of materials. Regarding the construc- 
tion site itself, impacts are mainly due to energy consumption. Amortization and maintenance 
of machines revealed themselves negligible. Mucking and drilling lead to the highest energy 
consumption and the choice of power supply is far from being trivial. 


Indicator: Climate change (kgCO2/linear meter of tunnel) 
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Figure 7. GHG emissions (in kg CO2e/ml) obtained for conventional tunneling depending on geology 
(stemming from D’Aloia et al. 2012). 
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Today, one of the main outstanding issues is the application of LCA to TBMs (Tunnel 
boring machines) and to the comparison of construction methods (mechanized and conven- 
tional), at least when both of them can be chosen from the technical and economic perspective. 

Thus, LCA enables to apply eco-design to tunnels: choice of materials and construction 
techniques, but also shed new light on the decision-making process. 


3.3 The limits of LCA 


However, scientific obstacles have been identified and new - or complementary - approaches 
have to be explored to address remaining challenges: 


— LCA has limitations in its ability to highlight the benefits of the underground structures. 
Large quantities of materials with high environmental impacts (especially carbon footprint) 
penalize underground structures compared to surface solutions. However, strong deleteri- 
ous impacts can be at least partially offset by a complementary analysis accounting for sus- 
tainability that goes beyond environmental impacts (definition of relevant scope and 
affected populations (local residents, users...), additional “sustainable” impact indicators: 
e.g., preservation of the surface space that can be dedicated to a more sustainable use. . .). 

— acomprehensive model for “tunnel”, integrating all of the civil engineering and equipment 
subsystems remains difficult to design insofar as the parameters of the models of the dif- 
ferent subsystems are different (geological features for civil engineering structures; slope, 
transport of hazardous materials, speed, urban or not, length... for road tunnel equip- 
ment like lighting and ventilation) (Charles et al. 2020); 

— the case of mechanized tunneling which is becoming more and more widely used all 
around the world has to be analyzed, but some difficulties are related to the availability of 
relevant data (construction, maintenance, energy consumption, end of life modeling. . .); 

— Finally, as in other activity sectors, the construction of a more appropriate “depletion of 
abiotic resources” indicator to highlight the benefits of reuse and recovery of excavated 
materials for example (beyond the simple issue of transport: distance and mode) is essen- 
tial in the framework of a circular economy. 


4 CONCLUSIONS AND PERSPECTIVES 


Tunnel owners and operators feel concerned by any measure liable to lead to a significant 
reduction of construction and operation costs. However, they are also sensitive to outstanding 
specific concerns dealing with environment and sustainable development. It could be for 
example the management of excavated materials during construction and the necessity to 
reduce the environmental burden due to their transport and landfill; the reduction of energy 
consumption due mainly to ventilation and lighting during operation; the necessity to ensure 
the maintenance of equipment with the least inconvenience to users; or even air quality. Some 
of these concerns have to comply with specific regulation and when given requirements cannot 
be fulfilled, compensatory measures have to be adopted. 

A wide field of reflection and action is opening up for the actors of the underground works 
sector. The ecological transition must be applied to tunnel and underground space and be 
facilitated by assessment methods like LCA and digital tools like BIM. This is of the utmost 
importance to promote underground solutions as sustainable ones for the years to come. 
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ABSTRACT: Concrete is recognized as the second most widely consumed commodity on 
the planet after water. It also contributes approximately 8% of global carbon emissions; the 
main source of these emissions is the manufacture of Ordinary Portland Cement (CEM I). In 
a tunneling project, it is generally considered that 60% to 70% of embodied carbon is con- 
tained in the concrete linings of the shafts and tunnels. It is paramount, therefore that the tun- 
neling industry does its utmost to significantly reduce or eliminate its use of cement in all 
applications segmental linings, in-situ linings, sprayed concrete, and annulus grouts. This is 
the reason why a great challenge for the coming years will be developing solutions for low 
carbon lining. Recent projects have demonstrated that structural ductility, durability, and sus- 
tainability are going hand to hand, this combined approach will be key requirement in all. 
The use of Fibre Reinforced Concrete (FRC) allows several advantages summarized in the fib 
bulletin 83 as follows: Cracking control during construction phases; higher impact resistance; 
durability advantages at final stage; reduction of costs; sustainability advantages (less material 
usage through minimizing the amount of steel and concrete cover required). The advantages 
related to the adoption of FRC use should be evaluated according to the project characteris- 
tics. The introduction of the Model Code 2010 has promoted the use of FRC segments. This 
paper underlines the design principle based upon MC2010 and fib bulletin 83. The use of steel 
to replace all or a part of conventional reinforcement has been demonstrated to lower the 
embodied CO2 of the segmental lining as well. The return of experience of the Doha Metro as 
the Grand Paris Linea 16.1 will provide a good recent illustration. 


1 INTRODUCTION 


Scientists have shown that human generated emissions of greenhouse gases (primarily CO2) 
from fossil fueled power supplied to industrial processes and fossil fueled vehicles, are the pri- 
mary contributors to the dramatic rise in Earth’s temperature since the 1950’s. 

Although the consequences of climate change are difficult to predict, it is clear that the 
rapid increase in Earth’s temperature will bring about detrimental impacts to future gener- 
ations. It is increasingly evident that we must act to reduce man made levels of CO2 emissions 
into our atmosphere. To be considered a sustainable project today, design engineers are 
required to make conscious efforts to reduce the carbon footprint as well as provide for 
a minimum service life of structures they are designing. 

Concrete is recognized as the second most widely consumed commodity on the planet after 
water. It also contributes approximately 8% of global carbon emissions; the main source of 
these emissions is the manufacture of Ordinary Portland Cement (CEM I) 

In a tunnelling project, it is generally considered that 60% to 70% of embodied carbon is con- 
tained in the concrete linings of the shafts and tunnels. It is paramount, therefore that the tunnel- 
ling industry does its utmost to significantly reduce or eliminate its use of cement in all 
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applications — segmental linings, in-situ linings, sprayed concrete and annulus grouts. This is the 

reason why a great challenge for the coming years will be develop solution for low carbon lining. 
Recent projects have demonstrated that structural ductility, durability and sustainability are 

going hand to hand, this combined approach will be clearly a new booster for FRC tunnel lining. 


2 HISTORY 


Steel fibre reinforced concrete (SFRC) has been introduced in the European market in 
the second half of the 1970’s. No standards, nor recommendations were available at that time 
which was a major obstacle for the acceptance of this new technology. In the meantime, SFRC 
has been applied ever since in many different construction applications, such as in tunnel linings, 
mining, floors on grade, floors on piles, prefabricated elements etc. In the beginning, steel fibres 
were used to substitute a secondary reinforcement or for crack control in less critical construc- 
tions parts. Nowadays, steel fibres are widely used as the main and unique reinforcement for 
industrial floor slabs and prefabricated concrete products. Steel fibres are also considered for 
structural purposes helping to guarantee the construction’s ability and durability in: 


— foundation piles reinforcement 

— reinforcement of a slab on piles 

— full replacement of the standard reinforcing cage for tunnel segments 

— reinforcement of concrete cellars and slab foundations 

— steel fibres as shear reinforcement in pre-stressed construction elements 


This evolution into structural applications was mainly the result of the progress in the 
SFRC technology, as well as the research done at different universities and technical institutes 
in order to understand and quantify the material properties. In the early nineties, recom- 
mendations for design rules for steel fibre reinforced concrete started to be developed. Since 
October 2003, Rilem TC 162-TDF Recommendations for design rules are available for steel 
fibre reinforced concrete (Allen, 2021). 

Over the past years, the use of this technology has increased dramatically. One aspect 
allows the boosting the use of FRC was the publication of guidelines for FRC design: in 2013, 
the International Federation for Structural Concrete (fib) presented Model Code 2010 (FIB 
2010) which included a specific section on FRC. 

The use of Fibre Reinforced Concrete (FRC) offers several advantages, compared with 
traditional steel mesh or steel bar reinforcement: 


— Can facilitate remote working from the face, and may remove the need for traditional 
reinforcement, to enhance the safety of the workers 

— Provides cracking control and a small enhancement of the concrete’s tensile properties 

— Less prone to carbonation and chloride attack 

— Reduction of cost and time saving 

— Less material usage (through minimizing the amount of steel and concrete cover required) 


3 SUSTAINABILITY & STRUCTURAL REQUIREMENT 


For a sustainable use of structural concrete, environmental and mechanical performances of 
concrete structures must have the same importance. By means of sufficiently high mechanical 
performances, the structural safety of a construction is ensured. Contemporarily, a low envir- 
onmental impact guarantees a sustainable development, which is, in accordance with the 
Brundtland Commission of the United the “development that meets the needs of the present 
without compromising the ability of future generations to meet their own needs”. 

FRC acts on the tensile behavior of cracked concrete and imparts ductility to a fragile mater- 
ial. FRC’s excellent properties which overcome cracking as well as its improved durability over 
reinforced concrete are why we continue to develop that material and also explain its economic 
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success. The life cycle assessment (LCA) is a set of standardized data. It quantifies a material’s 
impacts on the environment over its entire existence, from extraction of the raw materials 
required for its production up to its end of life. This approach, combined with research into 
a low-carbon solution, will give new momentum to FRC. Bekaert’s global sustainable develop- 
ment strategy is based on four major pillars: our responsibility in the workplace, in the market, 
and towards the environment and society in which we operate. For example, Bekaert is provid- 
ing its expertise and support to the innovative Cargo Sous Terrain (CST) underground cargo 
logistics system in Switzerland. In reality, CST is just reinforcing and systematizing the aspects 
of sustainability which are already inherent in the system. Apart from the fact that the CST 
provides a zero-emissions delivery route which is therefore climate-neutral, a work group is also 
already making preparations for construction in accordance with recognized sustainability 
standards. 


4 BASIC FRC BEHAVIOR 


A minimum tensile strength > 1800MPA is recommended for final ling application consider- 
ing the performance required and concrete class. 

The hooked ends ensure the desired fiber pull-out. This is the mechanism that actually gener- 
ates the renowned concrete ductility and post-crack strength. Bekaert’s Dramix® 4D steel fibers 
utilize the same principle, which translates into improved anchorage and ductile behavior. 

The tensile strength of a steel fiber has to increase in parallel with the strength of its anchor- 
age. Only in this way can the fiber resist the forces acting upon it. Otherwise, it would snap, 
causing the concrete to become brittle. On the other hand, a stronger wire cannot be fully util- 
ized with an ordinary anchor design. Therefore, the tensile strength of a fiber has to be per- 
fectly aligned with its anchorage system and its diameter. Dramix” 4D is designed to 
capitalize on the wire strength to the maximum degree. 

Wire ductility and concrete ductility are two different aspects. Dramix® 3D and 4D steel 
fibers create concrete ductility by the slow deformation of the hook during the pull-out pro- 
cess, and not by the ductility of the wire itself. 


5 EPD CERTIFICATE 


An EPD is a document that transparently communicates the key environmental performance 
indicators of a product over its lifetime 

A third-party verification ensures that data relating to environmental aspects of Dramix® 
has been validated by an external organization 

This declaration is the Type III Environmental Product Declaration (EPD) based on EN 
15804:2012+A1 and verified according to ISO 14025 by an external auditor. It contains the 
information on the impacts of the declared construction materials on the environment. Their 
aspects were verified by the independent body according to ISO 14025. Basically, 
a comparison or evaluation of EPD data is possible only if all the compared data were created 
according to EN 15804:2012+A1. 

The environmental impact of Dramix® product (cradle to gate with options) is largely 
dependent on the energy intensive production of steel (half product) on which the manufac- 
turer has only a limited influence. The carbon impact of steel production (Wire Rods) in the 
product stage Al is as high as 85%. The impact of the production line largely depends on the 
amount of electricity consumed by manufacturing plant (0.34 kWh/kg of product). There are 
no significant emissions or environmental impacts in the A3 production processes alone 
(partly gas combustion). The production process itself does not have significant environmental 
impacts in the life cycle. 

Interrogation of the LCA results show that the cradle-to-gate carbon (Global Warming 
Potential) impact of 1 kg of fibre production is 0.88 kg CO2eq. For comparison, ton of steel 
produced worldwide in 2019 emitted on average 1.85 tons of carbon dioxide. 
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The LCA results show that the cradle-to gate primary energy demand of fossil fuel is equal 
9.4 MJ. This is due to the production of nuclear energy by the Czech Republic. The transport of 
raw materials from considerable distances is optimized and not significant (0.007 kg CO2/kg). 


6 DESIGN PRINCIPLE 


Model Code 2010 is the most comprehensive code on concrete structures. It covers their com- 
plete life cycle from conceptual design, dimensioning, construction and conservation through 
to dismantlement. It is edited by fib. fib Model Code 2010 was produced through the excep- 
tional efforts of participants in 44 countries from five continents 

Figure 1 illustrates the design process involved, from beam tests, classification, design 
values, and constitutive laws. 


Beam tests * Characteristic values 


Aceda * Classification of FRC 


Safety factor, factors taking into account volume, 


Design values scale effects, fiber orientation 


SSS s Material characteristic 


laws 


Figure 1. Design process. 


The tensile behavior of the materials was characterized by performing bending tests on 
a notched beam. The tests were performed according to the EN 14651 European code, 
which is the reference standard for the CE label of steel and for ISO certification. 

The compressive strength of the materials was measured by a testing cube with a side of 
150 mm. For every cast made for the production of every single segment, three beams were pro- 
duced. In agreement with EN 14651 (2005), nominal strengths corresponding to four different 
crack mouth opening displacement (CMOD), namely 0.5, 1.5, 2.5 and 3.5 mm, were evaluated. 

Figure 2 shows a typical result of the beam tests with significant strength values. FL is peak 
force, fR1 and fR3 are the stresses related to CMODs equal to 0.5 and 2.5 mm respectively. 
These values are the reference ones for final lining design performed according to the fib 
Model Code 2010 prescriptions. 

To dimension a steel fiber-reinforced concrete segment, a reference test methodology needs 
to be adopted for the characterization of performance. In addition to the mechanical perform- 
ance, various properties of the FRC can be specified. 

Since brittleness must be avoided in structural behavior, fiber reinforcement can be used as 
substitution (even partially) of conventional reinforcement (at ULS), only if both the follow- 
ing relationships are fulfilled: frix/fix > 0.4; fr3x/frik > 0.5, where fr, is the characteristic 
value of the nominal strength, corresponding to the peak load (or the highest load value in the 
interval 0 — 0.05 mm), determined from the EN 14651 beam test. 

It is recommended to realize 12 beams per dosage and concrete mix formula. 
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Figure 2. Typical results of beam tests of FRC according to EN 14651 using 40kg/m3 Dramix® 4D80/ 
60BG. 


If fibres are used as the only reinforcement for final lining, hardening post-crack behavior at 
section level (beam test) allow immediately: Cracking control at SLS; Structural ductility (ULS). 


7 PRECAST SEGMENT 


The use of steel to replace all or a part of conventional reinforcement has been demonstrated 
to lower the embodied CO2 of the segmental lining. While it is possible to significantly reduce 
the embodied CO2 of a concrete mixture for segment production by replacing a portion of its 
cement content with alternative cementitious materials, there is little or no difference between 
the cementitious blends and contents required for the production of fiber reinforced or con- 
ventionally reinforced concrete segments for tunnel linings. Figure 3 shows an example reduc- 
tion in CO2 emissions on a project made possible by modification of the concrete and further 
reduction by being able to replace the rebar with steel fibers in a dosage that satisfied all of 
the design requirements. On a per pound (kg) basis the embodied CO2 of conventional rebar 
and steel fibers is assumed the same. This is a generalization assuming the wire rod that the 
fiber is produced from and the rebar have similar % recycled material content and similar steel 
production methods. In a precast segment the reduction in carbon footprint is due to the steel 
fibers being more efficient in reinforcing the element. In this example the elimination the com- 
bination of the right binder and steels fibre could conduct to a reduction 70%. 
The recent project for the Grand Paris line 16.1 has shown the following: 


e From the saving in the ratio of fibers compared with steel reinforcement bars, leading to 
a significant reduction in CO2 emissions during transportation. If we compare 85kg/m3 for 
steel reinforcement bars with the 40kg/m3 for fibers, we get a saving on materials of more 
than 50%. 

° By the benefit of better optimized loading for the fibers. 22 big bags of 1,100/kg per truck = 
24.2 tons per load for the delivery of the fibers in comparison with 60 equivalent segments 
per truck = 17.85 T for the delivery of the concrete reinforcement bars. 

e From the small diameter of the fibers which helps to further limit toxic emissions from the 
primary steel industry, due to primary coils which do not exceed 1 mm of wire diameter. 
The drawing technology is low emission. 

e Fewer trucks on the road and optimized waste management in a large city like Paris is an 
important element to take into account. From an ecological point of view, the carbon bal- 
ance is therefore very positive. In this respect, Bekaert has recently obtained its EPD 
(Environmental Product Declaration) Type II ITB certificate number 215/2021. 
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CO2 consumption comparison 
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Figure 3. CO2 emission comparison. 


Figure 4. Project jobsite Grand Paris - Photo Credit Eiffage Génie Civil. 


In terms of concrete, there will be a before and after Grand Paris Express. Until now, to 
design the segments, we used reinforced concrete, that is to say concrete poured around cages 
of massive metal reinforcements. Since 2020 on line 16, approximately 4 km of tunnel have 
been designed in fiber-reinforced concrete and a much larger deployment is now planned 
given the latest contracts awarded. This is a rare scale of deployment in the transport infra- 
structure sector in France. 
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8 BENEFITS AT ALL LEVELS 


Fiber-reinforced concrete, which consumes less steel, saves resources. As its name suggests, 
reinforced concrete is reinforced by a steel frame which represents large quantities of steel, around 
100 kg of steel for 1 m3 of concrete, deciphers Alex Moubé, head of the low carbon mission at 
the Greater Paris Society. The FRC option consumes twice less steel for the same performance. It 
takes 40 kg of steel fibre for 1 m3 of concrete for linea 16.1 thanks to Dramix® 3D 80/60BGP. 
Steel consumption is half and 5,000 tonnes of steel are saved for 10 km of tunnel. Allowing, at the 
same time, to achieve substantial cost savings. 

Still in terms of resources, fiber-reinforced concrete can reduce the quantities of concrete by 
2 to 3 cm in segment thickness. 

In addition to the quantities of steel and concrete saved, fiber-reinforced concrete also 
makes it possible to reduce CO2 expenditure, both in cement plants and in steelworks: 10,000 
tonnes of CO2 are saved on average for 10 km of tunnels compared to concrete armed. 

That’s not all, fiber-reinforced concrete also improves the technical performance of the 
structures built. Thanks to the presence of fibres, the segments have better behavior in the 
face of cracks. Not only are they less important than for reinforced concrete, but they also 
close over time. Similarly, the segments are more resistant to corrosion. Indeed, steel, in con- 
tact with air and water, corrodes. As the fibers are interspersed in the cementitious matrices, if 
a fiber is corroded, it will not spread its corrosion in the other fibers. In time, we will therefore 
be in the presence of a much more durable material. 

Edvardsen (2010) provides an example reduction of concrete and further reduction by being 
able to replace the rebar with steel fibres in a dosage that satisfied all of the design requirements. 
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Figure 5. Evolution of precast segment lining. 


In a recent paper Allen (2021) refers to the case for the use of Earth Friendly Concrete 
(EFC®) geopolymer concrete in segmental tunnel linings: “The incorporation of EFC® geopo- 
lymer concrete is considered to be an action that could be undertaken in the manufacture of 
reinforced concrete tunnel lining segment. EFC is able to provide significant reductions in the 
embodied carbon footprint of tunnel linings, estimated to be of the order 210 kglm3 of concrete — 
approximately 1.8 tonnes of embodied CO2 per linear metre of a typical rail tunnel. Additionally, 
when casting EFC in segment moulds on a carousel system, the curing chamber temperature is 
able to be reduced to around 30°C, thereby reducing energy consumption and associated carbon 
emissions. The final costings and environmental benefits of the use of EFC in tunnel linings could 
be quantified by conducting full scale production trials with the segment manufacturer”. 
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EFC Geopolymer Concrete 35 kg/m3 Dramix™ 4D steel fibres - BS 
EN 14651 beam test at 145 days age 
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Figure 6. EFC Geolpolymer Concrete beam test at 145 days of age (Allen 2021). 


9 CONCLUSION 


There has been a trend the last years that concrete tunnel linings have increased material con- 
sumption, cost and environmental loads. Nowadays develop and/or improve tunnel construc- 
tion methodology to choose the optimal tunnel lining, including environmental footprint and 
cost-effectiveness. Create required knowledge to produce final lining to meet new large infra- 
structure projects with modern demands to functionality incl. 100-year service life and envir- 
onmental impact. 

The use of steel fibre reinforced concrete will highly participate to meet low carbon lining 
by concrete consumption and steel reinforcement saving. If ductility and durability have been 
the key words the last 40 years, the sustainability will be the key driver for further FRC lining 
development in the coming years 

Indeed, new generation of binder combined with FRC allows new achievements: 


e Provide excellent long-term durability performance exceeding that of Portland cement- 
based concretes 

* Excellent long-term durability performance exceeding that of Portland cement-based 
concretes. 

° Extremely low embodied carbon footprint compared to conventional concretes on Portland 
cements. 

e Compared to reinforced concrete, fiber-reinforced concrete notably represents savings of 
around 5,000 tonnes of steel for 10 kilometers of tunnels (Typical Metro Tunnel). 
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ABSTRACT: The Mont-Cenis Base Tunnel is the key work of the new Lyon-Turin railway 
line. The project envisages a total volume of 37.2 million tons of excavated material over a period 
of 10 years: a considerable part of the excavated material will be used for the tunnel lining (con- 
crete or railway embankments) and for the embankments of the open-air sectors, while the 
remaining part will be transported by rail, conveyor belts, and heavy vehicles to the temporary 
and permanent storage sites. To maximize the circular economy and the efficiency of the materials 
logistic, TELT is working with the Politecnico di Torino (Department of Environment, Land, and 
Infrastructure Engineering, Department of Structural, Geotechnical and Building Engineering, 
and Department of Applied Science and Technology) and the Interdepartmental Laboratory 
SISCON - Safety of Infrastructures and Constructions, to study innovative solutions for the char- 
acterization and reuse of the excavated materials. Given that the materials are substantially undif- 
ferentiated during the excavation and that the geological classification requires long and complex 
additional verification activities, which can negatively affect the process, a significant sample of 
materials excavated at the survey tunnel of La Maddalena (place where the base tunnel will be 
excavated) were analyzed. The objective of this first phase is the search for new technologies and 
new processes for the early characterization of the excavated material in order to determine its 
intended use, designing green concretes (defining its sustainability and mechanical characteristics 
for structural use, through synthetic parameters, including durability analysis) and backfilling, 
seeking innovative tools for optimal logistics, in order to “industrialize” the identification process 
and optimal technologies for automatic process control and traceability, in order to give strength 
and speed to all activities. The subject of this work is the results of the early characterization 
experimentation process with the application of artificial intelligence and possible innovative circu- 
lar solutions. 


1 INTRODUCTION 


The choice of the excavation technique, as known, affects the size distribution of the muck: 
for the purpose of reusing the material, knowing the best excavation technique can help to 
evaluate the type of possible reuse. The rock mass’s geological and geotechnical parameters 
affect the excavation technique and the possible uses of the muck. The technique selected, 
being the rock characteristics the same, influences the particle size distribution, shape indices, 
and material’s physical-mechanical properties. 

The excavation process, when using TBMs for rock excavation, is significantly affected by the 
geometry of the tools, which is defined by their diameter and edge profile (Ozdemir, 1992). In 
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particular, the increase in diameter leads to an increase in the thrust and linear speed of the tools 
(Rostami and Chang, 2017). The excavation process basically involves the formation of chips 
between adjacent cracks created by the cooperation among the tools. Many theories agree on the 
formation of an almost pulverized zone in the immediate contact between the tool and the rock 
(“pressure bulb”), generated by the high concentration of stresses. This zone provides the transfer 
of stresses in the medium (Rostami and Ozdemir, 1993), which cause the formation and propaga- 
tion of tensile stresses in the rock mass, whereby the cracks propagate until the tensile strains at 
their ends fall below the tensile strength of the rock (Bilgin et al., 2014). For chip formation to 
occur, the cracks generated by a cutting path must coincide with those developed by the adjacent 
cut, or by a free surface. A scheme of the phenomenon is shown in Figure 1. The efficiency of the 
cutting process depends primarily on the properties of the rock mass, but also on the cutting 
geometry, i.e., the spacing between the tools and their penetration into the medium. With the 
same rock and tool penetration, there is an optimal spacing that allows providing the maximum 
efficiency of the cutting process; this condition involves the minimum consumption of specific 
excavation energy, defined as the energy spent to excavate a unit volume of rock. 
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Figure 1. Schematic representation of the indentation and chip formation process during rock excava- 
tion using disc tools (Rostami, 1997). 


Greater tools’ penetration allows a greater spacing to achieve the optimal chips process 
(Ozdemir, 1992). For these reasons, a dimensionless parameter is used to define the optimal 
cutting geometry: the ratio of the spacing between the tools and the penetration (s/p). The 
optimal s/p ratio is typically between 10 and 20 (Rostami, 2008; Rostami and Chang, 2017), 
and depends on the type of rock to be excavated. 

According to Bilgin et al. (2014), the factors influencing the performance of a TBM can be 
divided into three main groups: mechanical factors (related to the machine), geological- 
geomechanical factors (related to the rock material), and operational factors. While the 
mechanical factors are often constant during excavation (having provided proper machine 
maintenance), geological-geomechanical factors are typically those that most influence the per- 
formance of the TBM during excavation, their variability being sometimes very considerable, 
especially for very long tunnels, when it is not uncommon for the characteristics of the rock 
mass observed during excavation to be significantly different from those foreseen in the design 
phase. Regarding the operational factors, the choices that define the operating level of the 
machine (i.e., thrust, rotational speed, torque, and power) can vary during excavation, affecting 
the net and overall performance of the TBM. The particle size obtained is a good indicator of 
excavation efficiency and can provide information on rock-breaking mechanisms. 

In homogeneous rock masses, the size of the fragments is fundamentally governed by the 
spacing and penetration of the tools (Gertsch et al., 2000). In fractured masses, the structural 
characteristics of the rock are particularly important, as evidenced by Farrokh and Rostami 
(2008). For these reasons, to better understand the efficiency of the system by evaluating the 
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size of the debris, the particle size distribution of the muck must be compared with the param- 
eters of the TBM and the properties of the rock mass. It is necessary to conduct detailed ana- 
lyses using a large number of samples taken at various stages of excavation. 

An early prediction of rock petrographic characteristics could be useful not only for the 
machine parameters’ efficiency in terms of timesaving and cost but also to obtain a muck with 
optimal characteristics for recovery as concrete. 

TBM excavation produces a muck with a wide range of particle size distribution, also in 
function of the properties of the excavated rock: from coarse fragments to powders smaller 
than 2 mm. The production of particles finer than 2 mm is high, and its recovery has not been 
studied in literature with respect to the recovery of the coarser fraction (Bellopede et al. 2011; 
Voit et al. 2020; Bellopede et Marini 2011; Petitat et al. 2015). This paper aims at 
a sustainable goal for the reuse of muck from TBM excavation: this kind of approach can be 
successful if all the necessary requirements are met according to the planned reuse: the tests 
and investigations carried out to evaluate the characteristics of the muck for the purpose of its 
reuse are described; moreover, the circular economy, as well as environmental factors, are 
important concerns, and the need for re-mucking can address them. The concrete required in 
the various phases during the construction of the tunnels represents a significant value in 
terms of cost: for this reason, the reuse of muck is mainly aimed, in addition to other possible 
purposes, at the production of several types of concrete. 

However, it is of primary importance to assess the petrographic and chemical composition of 
the muck to be sure that any dangerous mineral as gypsum and sulfur/sulfates in general as well 
as amorphous silica, salts, and carbonaceous materials (Collepardi, 2013), could affect the 
future concrete. The chemical/mineralogical composition of the muck has been investigated by 
means of X-ray powder diffraction (XRD), portable Raman and petrographic microscope. 


2 MATERIALS CHARACTERIZATION 


2.1 Traditional methodologies 


The materials characterization was performed by means of traditional methods which have 
the goal to validate innovative digital methods linked to early on-site recognition. The analysis 
performed are petrographic analysis, and particle size distribution. 

The petrographic characterization made through a petrographic microscope identified the rock 
as a mica-schist macroscopically compact, with a gray color and schistose texture highlighted by 
the alternation of quartz beds and micaceous beds with minor albite crystals. In thin section can 
be detected: quartz (about 50%) in individuals with an irregular outline with average dimensions 
ranging from 0.05 to 2 mm with some crystals about 4 mm, in levels oriented parallel to the schis- 
tosity; white mica (about 40%) in lamellae reaching even 1 mm in length; albite for around less 
than 10% in crystals with dimensions similar to the quartz crystals (0.05 to 2 mm) with which 
they are associated; accessory minerals: titanite, apatite, opaque, zircon. 

Figure 2a shows the analyzed muck obtained by TBM excavation and Figure 2b shows 
microscope analysis in thin sections. 

The petrographic analysis performed by means of XRD, Rigaku SmartLab SE, verified the 
composition. The results obtained by means of Quantitative XRD Analysis obtained by Rietveld 
refinement are shown in Figure 3a. The aggregates were then analyzed by means of Raman spec- 
troscopy with a Thermo Scientific TruScan GP portable instrument with a laser diode that emits 
a 250 mW beam at 785 nm in the Raman range from 250 cm to 2875 cm’!. The aggregates were 
analyzed as such and after washing. Several areas were investigated on the same aggregate, based 
on the distinct colors. Figure 3b shows a Raman spectrum of a bright area on a washed aggregate. 
The Ruff database was used for Raman peaks indexation (Ruff 2022). These results confirmed the 
previous ones from XRD measurements. No harmful compound for concrete manufacturing was 
found (gypsum and sulfur/sulfates in general, amorphous silica, salts, and carbonaceous mater- 
ials). Particle size distribution was performed according to UNI EN 933 Part 1 on the muck frac- 
tion below 2 mm. The results are shown in Figure 5 (samplel, sample2, sample3). 
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In order to perform a granulometric analysis, to obtain a representative sample for sieving, 
it would be advisable to take the sample directly from the conveyor belt, as suggested by Bru- 
land (1998). 


Figure 2. Material deriving from TBM excavation (a) and thin section of material deriving from tunnel 
excavation. Scale 200 um; magnification 5X (b). 
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Figure 3. Results of quantification analysis by means of XRPD using Rietveld method (a) and Raman 
spectrum of a bright area on an excavated aggregate (M=muscovite, C=calcite) (b). 


3 DIGITAL INNOVATIVE METHODOLOGIES 


In order to address the problems related to the traditional sieving and the early petrographic 
recognition, a digital methodology by means of photogrammetric techniques, LIDAR sensor 
(Light Detection and Ranging) and hyperspectral images was developed to evaluate the par- 
ticle size distribution, an estimation of volume and a petrographic recognition of the muck. 
The proposed methodology starts from data acquisition with the different sensors and is then 
divided into 1. direct use of RGB images for the granulometric characterization through 
MATLAB instance segmentation (MIS, he and al, 2017).); 2.use of hyperspectral images to 
create a reference library (ground truth from laboratory rocks) of hyperspectral signatures. 
These hyperspectral images, divided into smaller hypercubes, are then used for the CNN train- 
ing, and led to the petrographic characterization. 

To simulate a conveyor belt, a specific structure was built (Figure 4), equipped with various 
sensors and able to move on wheels along the linear strip on which the excavated material was 
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positioned. In particular, the structure presented: 1. 2 hyperspectral imaging cameras for 
the material recognition (Senop Rikola with spectral range in visible and NIR region 
from 500 to 900 nm, Specim FX17 with spectral range in NIR region from 900 to 1700 
nm); 2. n.3 RGB compact digital cameras (SONY RXO II) for the reconstruction of the 
3D point clouds, 3. n. 8 halogen spotlights able to homogeneously cover the entire light 
spectrum from 400 nm to over 800 nm; 4. millimeter calibration bar to define the acqui- 
sition position. These acquisitions were conducted every 0.1 cm for the Specim and 
every 5 cm for the RGB cameras and the RIKOLA. In Figure 5, the results were com- 
pared with the traditional one, denoting a limited (10%) underestimation of the pro- 
cessed curves that can be explained by the presence of hidden grains not located on the 
surface and by the difficult processing of the finer part. 
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Figure 4. Scaffolding equipped with the sensors. 


For petrographic recognition, the neural network presented in (He et al, 2017) has been 
used through Deep Learning techniques, based on the hypercubes of size 1x1xN (pixel/pixel/ 
bands), N equal to 198 for the case study. 


SIZE DISTRIBUTION 


j 
Boulder/cobble Gravel | Sand | Silt | Clay 


| 
HL + , — 
| \ = Sample 2 
| 
60 t - — —— Sample 3 


—— Samplei 


SO Mis Sample 3 


—— MIS Sample 2 


= MiSSample 1 


Passing Cumulative trequency (%) 
$ 
— 
pi 
+ 
+ 


Grain size (mm) 


Figure 5. Comparison of grain size curves: traditional (Sample) and digital (MIS sample) methodologies. 
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Figure 6. The laboratory sample (a) and the result of petrographic recognition. 


Due to the homogeneity of the sample aggregates of TBM excavation at La Maddalena, the 
digital petrographic characterization has been tested using a dry laboratory sample 
(Figure 6a) and the results have been shown in Figure 6b. These preliminary results show that 
the classification has a high accuracy (at least 74% of accuracy for micaceous calc-schist, 95% 
for others): the rocks are correctly recognized, in micaceous calcschist, granite, mica schist, 
prasinite, and serpentinite, respectively, most of their hypercubes are associated to the correct 
ones. 


4 FUTURE DEVELOPMENT FOR MUCK RECOVERY 


4.1 Green concrete design 


An eco-design approach of concrete structures should be based on the selection of concrete 
components, with low carbon footprint, and on the minimization of the concrete mass. In 
other words, the following strategies can be applied to obtain green concrete (Habert and 
Roussel 2009): 1. Material performance strategy, which is based on the reduction of the total 
amount of concrete, and thus of the volume of structures. Obviously, the mechanical perform- 
ances, such as the compressive strength, need to be increased with respect to the traditional 
concrete under the same loading demand; 2. Material substitution strategy, which consists of 
substituting some of the concrete components with recycled or waste materials, having a low 
carbon footprint. 

The success of these two strategies is therefore based on the measure of the mechanical 
index (MI) and of the ecological index (EI) of the final concrete mixtures. Both the values of 
MI and EI can be reported within the diagram depicted in Figure 7. In this diagram, MTin¢ is 
the lower bound value of mechanical performances (e.g., the compressive strength of con- 
crete), whereas the upper bound value of ecological impact is represented by Elsup. (e.g., the 
equivalent CO, of an LCA). Both these bounds can be either prescribed by code rules or 
imposed by tender requirements. Accordingly, four different zones can be detected within the 
non-dimensional diagram (Figure 7). 

Concerning the concrete of a tunnel lining, it is practically impossible to apply the perform- 
ance strategy. Indeed, the increment of strength does not lead to a remarkable reduction of 
the volume of concrete used to cast the lining, because building codes impose a minimum 
thickness (for instance to resist compression and shear actions as specified by Fantilli et al. 
(2019)). 

Therefore, the only way to tailor green concrete for tunnel lining is to apply the material substi- 
tution strategy. Namely, with respect to traditional concrete (having fixed values of MIing and 
EI, yp) the virgin components of the mixtures can be substituted by waste materials. In the concrete 
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Figure 7. The non-dimensional diagram for assessing the eco-mechanical performances of concrete 
(Fantilli and Chiaia 2013). 


of tunnel lining, some fractions of the aggregate can be substituted by the muck, maintaining the 
type and the amount of the other components (i.e., water, cement, additives) unchanged (Voit 
et al. 2020). Nevertheless, the new concrete is likely to fall within zone 4 of the non-dimensional 
diagram depicted in Figure 7. This is because the substitution tends to decrease EI with respect to 
Elsup, but, contemporarily, MI becomes lower than MI,,, (see for instance the case of recycled 
concrete aggregate (Wang et al. 2021). In such a situation, to maintain the MI>MIjn-, recycled 
steel fibers can be added to the mixture containing the muck (Qina and Kaewunruenb 2022), 
because fiber-reinforced concrete behaves better than traditional plain concrete. The combination 
of these two recycled materials is herein proposed to make the concrete of the Lyon-Turin railway 
lining greener than the traditional solution. 


4.2 Backfilling 


The backfill materials as flowable fill, controller density fill, flowable mortar and plastic soil 
cement are self-leveling cementitious materials mainly used as fillers as an alternative to trad- 
itional granular materials (American Concrete Institute Committee 229R, 1994). The technical 
documents ACI 229R-13, is a guideline, which describes the requirements that this type of 
materials must possess in terms of resistance, permeability, constituent materials and their 
dosage ranges according to the objectives to be achieved; how it is transported and the pour- 
ing. The backfill materials must satisfy specific properties that allow them to distinguish it 
from other filling materials. These properties are flowability, time of hardening, pumping, not 
increasing resistance over time, high density, permeability, excavability. It is used as a fill 
instead of traditional compacting soils. Due to its characteristics of high fluidity and self- 
compaction, it is ideal for use in tight and inaccessible areas where it is difficult to place and 
compress the material. 

The main actual applications are sewage trenches, bridge shoulders, containment walls, 
road foundations, underground tanks, piping laying beds, and thermal insulation with high- 
air-based cement mortar. Generally, contains water, Portland cement, fly ash, fine aggregates 
or coarse aggregates and additives. Some mixtures consist only of water, Portland cement and 
fly ash to avoid segregation. 

Recent studies on recovery of sludge deriving from cutting of silicate materials in CLSM 
(Control low strength materials) and FBT (Fluid thermal backfill) (Choorackal et al. 2020, 
Zichella et al. 2020), demonstrate that the presence of quartz content and eventually of heavy 
metals, due to cutting tools wears, in the aggregate and filler fraction, considerably improves the 
thermal conductivity with the same mechanical characteristics of a standard granular material. 

The ongoing research involves using material deriving from the tunnel excavation with par- 
ticle size distribution smaller than 2 mm as filler and with material deriving from demolition 
and construction waste of dimensions from 0 to 16 mm as aggregate, in addition to cement 
and superplasticizer additive type Dynamon SP1. 

This type of reuse was designed to reduce and/or eliminate the production of waste by reus- 
ing the muck in the same excavation site, in accordance with the concepts of circular economy 
and end of waste. 
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5 CONCLUSION 


The particle size distribution of the fragments produced by the TBM excavation, in addition 
to conditioning the possible reuse of the material, can provide important indications both on 
the performance of the machine and on the characteristics of the rock mass. However, on-site 
determination of particle size distribution is not easy to implement in terms of time and cost. 
It is known that the grain size distribution of the muck obtained from the excavation depends 
on the characteristics of the rock mass and on the operating parameters of the machine, but in 
this case attention was paid to the purpose of reducing the production of waste, by reusing the 
excavated material. 

Concerning the chemical-petrographic and dimensional properties of the muck, laboratory 
tests were carried out to validate, through standardized methodologies, the unconventional 
analysis done by means of portable instruments and digital techniques. 

The proposed digital methodology based on photogrammetric techniques, LiDAR sensor 
(Light Detection and Ranging), and hyperspectral images allows evaluating of the particle size 
distribution with an underestimation of the particles of about 10% and to extract the petro- 
graphic characterization on dry excavated aggregates with high accuracy. 

By combining the proposed digital methodology of classifying the excavated materials and 
concrete technology, the so-called material substitution strategy can be applied to tailor sus- 
tainable cement-based composites. In particular, the reuse of both gravel and finest fractions 
of muck was assessed and promising results were obtained, to reduce the production of waste. 
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ABSTRACT: The Quebec Ministry of Transportation is undertaking major structural 
rehabilitation work and systems upgrade on the La Fontaine Tunnel to comply with current 
codes, standards and best practices in fire life safety and to extend the lifespan of this 55-year- 
old immersed tube tunnel for another 40 years. 

The paper will discuss final design consideration of ongoing works that include structural 
analyses and repair strategies for the post-tensioned reinforced caissons, the scheme to repair 
two leaky joints between caissons, the design of passive fire protection that involved in situ 
and real scale laboratory tests, and other tunnel systems upgrades. 


1 PROJECT BACKGROUND 


The Louis-Hippolyte-La Fontaine road tunnel (hereafter Lafontaine Tunnel) is an immersed 
tube tunnel which is located below the St Lawrence River and connects the City of Montréal 
with [le-Charron and Boucherville along Autoroute 25. It was constructed between 1963 and 
1967. During the first phase of construction, the approaches on the north and south river- 
banks were dredged and cast-in-place. The section of the tunnel between the approaches con- 
sists of seven precast tunnel elements, each approximately 110 m in length, 36.73 m in width, 
and 7.70 m high, for a total length of 768 m; installation of precast elements began from the 
southern riverbank and progressed toward the northern riverbank, with Section 1 being the 
first and Section 7 being placed last. The tunnel has two traffic tubes that are separated by 
a service corridor. Each tube carries three lanes of traffic in unidirectional traffic flow, one 
tube for northbound and the other for southbound traffic, respectively. The tunnel is one of 
the five crossings of the main branch of the Saint Lawrence River in the Montreal urban area 
and is a major transport link to the nearby Port of Montreal. It is heavily used by heavy 
goods vehicle that is higher than typically experienced by tunnels as it serves the port. How- 
ever, transport of dangerous goods cargoes is prohibited within the tunnel. Figure 1 shows an 
aerial view of the tunnel with its north and south towers and Figure 2 shows its profile. 

The Quebec Ministry of Transportation has undertaken major rehabilitation program to do 
repair and upgrade work to meet current codes and standards and best practices to avoid any 
major intervention on the tunnel for the next 40 years. This rehabilitation work includes struc- 
tural systems, ventilation, fire protection, water and drainage, mechanical, pavement struc- 
ture, electrical and lighting systems, road safety and security for users and workers, 
communication, traffic signals, management and maintenance of traffic, mitigation measures 
during construction, as well as public transit systems within the tunnel during and after the 
rehabilitation work. 
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Figure 1. Aerial view of the Lafontaine Tunnel. 
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Figure 2. Profile and cross section of the Lafontaine Tunnel. 


2 STRUCTURAL REPAIR WORK 


The tunnel precast concrete elements are reinforced and prestressed by post tension in both 
transverse and longitudinal directions. While the main role of the longitudinal posttension is to 
hold together precast elements for each caisson, the transverse role is to balance most of the 
dead and water weight. There were also temporarily post tension cables that was used during 
construction, which was cut after backfilling and re-establishing water level. The longitudinal 
post tension cables are fully embedded in the concrete while the transverse ones follow 
a hyperbolic shape and have limited cover at midspan of the traffic tube as shown on Figure 3. 
This section treats how damages were observed during detailed inspection, in situ investigations 
that were conducted to characterize the level of damage, and numerical modeling that were per- 
formed to assess the structural integrity of existing structure during repair work. 

In the crown of the tunnel, transverse prestressing cables are placed in bundles of two with 
each cable having a total of 48 wires inserted in a metal duct. The two bundles of cables are in 
average spaced 450 mm and they cross the entire width of the tunnel with alternate anchors 
on east or west side wall, respectively. 
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Figure 3. Tunnel typical section — geometrical configuration of the posttension cables. 


2.1 Detailed inspection and in situ tests to assess existing condition 


A detailed inspection was carried out as part of the final design to assess the existing condi- 
tions of the tunnel structure in general and the post tension cables. During that inspection, 
significant and repetitive damage was observed on the intrados of the tunnel vault. In general, 
the damage appears in the form of concrete spalling, posttension duct corrosion and localized 
sectioned prestressing wires. The structural damage was reported qualitatively as per the fol- 
lowing damage categories: 


— Bursting of concrete and exposed and corroded and including broken condition of the pas- 
sive reinforcement; 

— Bursting of concrete with exposed and corroded posttension duct; 

— Bursting of concrete and damaged posttension duct with visible and heavily corroded cable 
wires; 

— Bursting of concrete and damaged posttension duct with broken posttension cable wires; 

— Concrete repair on damaged posttension cable; 

— Previous repair of concrete next to posttension cables. 


Figure 4 shows an example of observed damage with degradation of the prestressing cables 
in certain places of the tunnel crown in an advanced state. 


DSCN2484.JPG DSCN2497.JPG 
Figure 4. Photos showing the observed damage on the intrados of the vault of the tunnel. 
To characterize further the level of damage of these cables, an investigation on the state of 
the post-tensioning cables was carried out with special emphasis on the validation of the 


effective tension in the post-tensioning cables, the effective stress in the concrete at the crown 
intrados location, and the condition of the injection grout within the cables. To that end, 
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inspection windows were opened in center of the crown exposing the cables in both “damaged 
zones” and “healthy zones”, to corelate some of the obtained results, and to draw potential 
trends. A series of in situ tests were conducted as described below. 


2.1.1 In situ test to assess conditions of post-tension cables 

The testing program carried out under the post-tensioning investigation covered quality of the 
injection grout, and the residual stress in the posttension wires and surrounding concrete, 
qualitative and quantitative, on a limited number of investigation points across the different 
structural elements. The testing program is as follows: 


2.1.1.1 Mira test 

Ultrasound Computed Tomography (MIRA) measurements are intended to search for grout 
injection voids in post-tension ducts, combined with recognition windows, the latter allowing 
for the calibration of ultrasound equipment and injection grout quality inspection. 

The MIRA tests were developed over a length of approximately 4.8 m and 1.9 m on average 
for each of the cables investigated, a length located at the center of the span of the crown 
where the post-tensioning cable is at its lowest point of its parabolic route, close to the access 
surface of the inspection equipment. 


2.1.1.2 Crossbow test 

The “crossbow” test (Figure 4) allows to determine the residual tension force, or “effective” 
force, on a post-tension cable wire. The principle is based on the concept of the crossbow, 
with two fixed points at the ends, and a central point where a force F, perpendicular to the 
axis of the wire, is exerted. The greater the force F (a function of the induced displacement 
“f”), the greater the residual/effective tension in the cable wire. 


Figure 5. Crossbow test scheme. 


The average residual tension of the 51 tested wires is 35.1 kN with a standard deviation of 
3.6 KN (low), the results of which are within a range between 28.3 kN and 45.6 kN. The average 
residual/effective stress is 910 MPa, which is compared to the ultimate stress of the wire 
(fpu = 1620 MPa) corresponding to 0.562*fpu (range between 0.454*fpu and 0.731*fpu, 
repectively). The tested wires included both corroded wires (surface corrosion) as well as non- 
corroded wires, which condition did not influence the obtained results. These values are very 
well in agreement of those required by the Ministry manual for prestressed concrete elements 
that mandates a value of 0.55*fpu to account for normal wire relaxation in the structural 
integrity assessment analyses. 


2.1.1.3 Slotstress 

Similarly in situ tests were conducted using a technique known as slotstress that consists in 
direct on-site measurement of concrete stresses along two points in a concrete section to repro- 
duce the existing section stress profile. The results obtained offer a range of stress values ran- 
ging between 0.5 MPa (1.0 MPa - 0.5 MPa) and 3.3 MPa (2.8M Pa + 0.5 MPa), that were 
used to validate numerical modeling resutls. 
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2.2 Numerical modelling and example of repair strategy 


The results of the in-situ tests measurements were used to confirm assumptions made during 
numerical modeling and calibrate key parameters of the models, especially the slotstress 
results that were used to calibrate design parameters by also incorporating measured water 
table at the time of the tests. 

In addition, assessment of structural integrity were conducted by analyses existing conditions 
before the demolition and repair work that involve chipping existing concrete to a certain 
depth and in some case expose existing rebars to ensure the new repair concrete is fully bonded 
to existing concrete. Of particular interest was at which extend such demolition could go 
around existing post tensioning cables. Several analyses were therefore conducted for each 
observed scenarios and extrapolation was made for potential damage scenarios that are beyond 
what was observed during detailed inspection. The results of these analyses were used to assess 
the limit of demolition that will not impact structural integrity of the tunnel and if any special 
pre-support measures were required during demolition and curing of repair concrete. 

Conducted analyses were carried out using both FLAC 3D that allows to model explicitly 
the tunnel geometry of the caissons, the configuration of the posttensioning cables and soil 
structure interaction in any loading configuration (Figure 5). 


Figure 6. FLAC 3D model to assess transverse post tensioning cables damages. 


3 DESIGN OF PASSIVE PROTECTION FIRE PROTECTION OF STRUCTURAL 


Over the last two decades there have been a number of serious fires in road tunnels that have 
caused extensive loss of life and severe collateral loss to the infrastructure that include struc- 
tural damage and long-term financial effects to the local communities. This has lead to 
a series of updates in codes and regulations requirements, in particular American National 
Fire Protection Association (NFPA) 502, which now includes strict requirements for fire life 
safety infrastructure and protection measure to the structure of the tunnel. The project used 
other codes and best practices, in particular the recommendations from the French Ministry 
of Transportations Center of Tunnels Studies also known by its French acronym as CETU. 
This section provides details of step taken to design passive protection measures that are being 
implemented as part of major rehabilitation works. 


3.1 In situ tests and assessment of existing conditions 


During preliminary design stage two fire tests were conducted in the tunnel in summer 2016 to 
characterize the resistance of the existing concrete to a design fire event that was at that time 
to be 50 MWA and to predict when spalling will occur after the beginning of the fire in the 
tunnel. The destructive tests consisted of mobile furnace that applied the design fire curve to 
the surface of the concrete with several thermocouples that were installed at different location 
and depth of the testing area in order to monitor temperature increase within the concrete. 
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The tests showed that spalling will appear within the first 3 minutes when concrete reached 
a temperature of approximately 400 degrees Celsius. 

The results of these tests were used to back calculate the properties of existing concrete such as 
the effective heat transfer coefficient, the thermal conductivity and the specific heat that are used 
to conducted thermomechanical analyses to simulate the behavior of the concrete to a design fire 
event. Finally, these tests were instrumental in building a business case for the need to install 
passive fire protection measures during final stage of the major rehabilitation wok and they 
results were used to define performance requirement for the passive fire protection measures. 


Figure 7. In situ fire tests conducted in the Lafontaine tunnel. 


3.2 Numerical modeling and real scale laboratory tests 


Since concrete structures show a non-linear behavior under larger strains, a strain-softening 
constitutive model was chosen to better capture concrete’s behavior under fire event. 
Reinforcements and post-tensioning cables are modeled as cable elements in the FLAC3D 
commercial software. 

In according with project requirement, the Hydrocarbon Modified (HCM) curve was speci- 
fied as the air temperature in the tunnel during a fire event. For such a fire, the increase in 
temperature T (°C) as a function of time (t) in minute reads eq. (1). 


T= 1280(1 — 0.325e~°'6" — 0.675e~**") + 20 (1) 


In addition, real scale laboratory tests were conducted on different panels (Figure 7) that 
represent the types of material being considered for passive fire protection that include com- 
mercially available fire boards from several manufacturer, sacrificial concrete reinforced by 
polypropylene fibers at various thicknesses and concrete mixes. The results of laboratory tests 
were used to calibrate the 3D numerical models and also assess if the proposed protection 
measures meet the contract requirements. 
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Figure 8. Real scale laboratory tests on fire protection panels. 


3.3 Other final design consideration 


There are a variety of other parameters that were considered in comparing different options that 
were considered for the passive fire protection including resistance to the harsh winter conditions 
and the de-icing salt environment while maintaining expected esthetics conditions, the interface 
with equipment and cablings, etc. Other criteria included the interface with repair work in the 
tunnel crown that minimizing the impact to the existing post tensioning cables as described above. 

It was finally decided that a sacrificial concrete thickness was the option that complies with 
all requirements and meet considered criteria. 


4 DESIGN OF TWO LEAKY JOINTS BETWEEN CAISSONS 


4.1 Existing condition and required design criteria for the repair strategy 


During original construction there was a misalignment due to strong waves in the Saint Lawrence 
River that resulted in offsets of 35 mm and 15 mm at the joints between caissons 6 and 7 (here 
after joint 6/7), and joint between caissons 7 and 8 (here after joint 7/8), respectively. The two 
joints were then filled with concrete but have experience water leaks since then. The Ministry has 
tried several schemes to fix the leak without success and the solution adopted was to manage the 
water infiltration through a series of channels in transverse direction at the joints location and 
water is send into the center corridor where a drain takes the water to existing pump station. The 
drains are equipped with heat trace to make sure no ice is formed during wintertime. 

In addition, monitoring of movements along the joints have shown that the joints experi- 
ence seasonal variation of longitudinal movement with a maximum of lateral movement of 
7 mm and 2 mm, for joints 6/7 and 7/8, respectively. The other joints for the rest of the tunnel 
were monitored and did not experience similar movements. 

Given the damage caused by moisture from the drainages and the risk of ice formation 
during winter season, the Ministry has required a fix to this problem during the major 
rehabilitation work. The goal is to find a scheme that will stop the leakage and limit water 
infiltration. The Ministry has also requested that the joint be able to accommodate 3 times the 
observed movement, i.e. 21 mm for joint 6/7 and 6 mm for joint 7/8, respectively. Additional 
requirement was to be able to inspect the proposed repair scheme to ensure it meats the 
requirements for at least a period of one year. 


4.2 Final design considerations 


The scheme adopted during final design is to use Omega Seal that is traditionally used for new 
construction of immersed tube tunnel and apply it from the inside of the tunnel along the 
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joints. The joint consists of a rubber membrane that is fabricated by Trellerborg and can with- 
stand high water pressure and accommodate large deformation. Through a collaboration with 
the Omega seal manufacturer, it was decided to use a 3-piece seal to minimize the welding on 
site but also accommodate repair sequence. As noted above the tunnel has to remain in oper- 
ation during major rehabilitation work, which implies that the joint cannot be placed at the 
same time. The three pieces will correspond to major lanes closures and an overlapping length 
was design to ensure continuity of membrane. 

To finalize sizing and geometry of the seal, a series of in situ measurements were taken to 
ensure that the seal will cover the leaky area while allowing for tolerances on both side of the 
joint. These measurements include a laser scan of the joints, coring, ferroscan inside the joint 
to check the position of rebar and partial demolition of the joint in the corridor portion. A 3D 
scan of the joints was used to define exact geometry on site and coordinated with seal 
manufacturer. 

One major constraint was the vicinity of anchors for posttensioning cables to the joint and 
any repair option had to avoid any disturbance to these anchors. The selected option had 
therefore to balance the need to seal off completely the joint while avoiding the potential nega- 
tive impact of approaching the anchors. Figure 6 shows a detail of the repair strategy that 
allows for perioding inspection as required by the contract. 
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Figure 9. Detail of joint repair. 


5 CONCLUSION 


The paper discussed three aspects of the major rehabilitation works that are being imple- 
mented for the Lafontaine Tunnel in Montreal, i.e. the assessment of structural integrity 
during concrete repair work accounting for observed damage in post tensioning cables, the 
repair of two leaky joints that are a results of a construction defect, and the design of fire pro- 
tection measures to resist a design fire event in order to comply with latest codes requirements 
and best standards. 

The approached used a combination of cutting-edge testing techniques both in laboratory 
and on site, numerical modeling, and engineering judgement to select appropriate measures. 
Several sensitivity analyses were conducted where applicable to account for potential scenarios 
that can occur during repair work. 
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ABSTRACT: Construction is a big contributor to carbon footprint emissions. The carbon 
footprint emissions in the construction stage are mainly from the construction materials and the 
construction activities. Among various construction processes, tunnel construction produces 
a significant amount of carbon emissions since it utilizes various types of high energy-consuming 
equipment. In order to identify and mitigate such carbon emissions of a tunneling project, it is 
required to reliably estimate carbon footprints of a tunneling project. The CO, emissions can be 
calculated by estimating the consumed fuel of equipment and transport (diesel, electrical energy) 
and materials, and then using the conversion factors to CO», from well recognized organizations. 
The purpose of this paper is to evaluate carbon footprint emissions of different tunneling con- 
struction methods. It includes the material production, different excavation methods (drilling 
and blasting, road header or hydraulic breaker hammer, TBM), casting and lining, rock support 
and road work. The contribution of each stage to the total carbon footprint is discussed and dif- 
ferent methods are compared. The results of this study can be used as basic data for establishing 
a CO, emission reduction plan at construction sites. 


1 INTRODUCTION 


Carbon footprint analysis is becoming more and more popular in every industry due to increasing 
concerns on global warming and greenhouse gas (GHG) emissions. The construction industry is 
a major producer of CO, emission. Huang et al (2018) reported that in 2009, the total CO, emis- 
sion of the global construction sector (which includes building and infrastructures) was 5.7 billion 
tons, contributing 23% of the total CO» emissions produced by the global economics activities. In 
U.S., the construction processes generate the third highest greenhouse gas (GHG) emissions 
among industrial sectors. It is therefore important that this sector significantly reduces its con- 
sumption of energy and materials. One of the most relevant activities within this sector is the tun- 
nelling construction. The significant impact of construction industry largely arises from the 
embodied carbon in the primary construction materials — cement and steel and utilizing various 
types of high energy-consuming equipment. Research shows that more than 80% of the CO, emis- 
sions in the construction phase of a tunnel are attributable to the construction materials cement 
and steel. Thus, reducing the need for cement and steel can make a significant contribution to 
reducing CO, emissions. This comes along with a significant reduction in construction costs. 
Materials aside, the embodied energy and emissions during construction processes are mainly 
attributable to the vehicles and machinery used. 

Several studies have focused on calculation of emissions related to the tunnel construction (Li 
et al. 2011, Miliutenko et al. 2012, Huang et al. 2013, Fremo 2015, Huang et al 2020, Lee et al 
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2016, Xu et al. 2019). For example, Li et al, (2011) calculated CO, emissions per meter of 
a highway tunnel in China during construction phase and concluded that the endogenous CO, 
emissions are mainly from construction equipment powered with fossil fuel combustion 
motors with highest level (90%) of contribution related to the oriented-diesel CO, emissions. 

This paper evaluates carbon footprint emissions of different tunneling construction methods 
and compare the contribution of different stages in the total CO, emission. 


2 CARBON EMSSION WITH RESPECT TO THE ENTIRE LIFE CYCLE OF 
INFRASTRUCTURE 


The Life-cycle assessment (LCA) is a technique to assess the environmental impacts associ- 
ated with all the stages of a product’s life from-cradle-to grave (raw material extraction, 
materials processing, manufacture, distribution, use, repair and maintenance, and disposal 
or recycling). (Cho et al 2016). A summary of life cycle stages of a tunnel as shown in 
Figure | is: 


l- Product stage (Al to A3): row material supply (extraction, handling and processing of the 
row materials used in the production of the product), transportation of these materials 
from the supplier to site and the energy used to manufacturing of raw materials (as an 
example for concrete, energy used to store, batch, mix and distribute the concrete and 
operate the concrete plant). 

2- Construction process stage (A4 to A5): this phase includes all the activities necessary for 
tunnel construction, such as earth works, concrete pouring, material transport etc. 

3- Use stage (B1 to B7): this phase includes the operation for using, repairing and manage 
the tunnel project until it is demolished, such as, repairment of tunnel road pavement, 
maintenance of lighting and ventilation condition inside the tunnel, etc. 

4- End of life stage: the last phase occurs when the tunnel reaches the end of its useful life. 
According to the tunnel management strategy, the tunnel may be recovered or demol- 
ished, and removed materials may be recycled or left in the field, increasing the burden 
on the environment [7]. 


In this study, the authors selected stage Alto A5 as the research scope, which are directly 
related with construction process. 
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Figure 1. Summary of life cycle stages of a tunnel. 


3 EMBODIED CARBON EMISSSION OF THE MATERIAL 


Materials are responsible for a significant share of carbon emission in the construction of 
a tunnel project. Two of the largest contributors to the embodied carbon of a tunnel are con- 
crete and steel reinforcement used in tunnel lining. The Co, emission of a material can be cal- 
culated using the following formula: 
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Mass of COreg= COreq Factor x Material quantities (1) 


Where CO>,.,4 Factor is the amount of equivalent CO, per pound or kg of material which 
comes from Environmental Product Declarations (EPDs). 
In the following, different ways of reducing CO, emission are presented: 


3.1 Reduction of cementitious materials or use supplementary cementitious materials 


For concrete, 90% of CO, in the mixture comes from the type of cement and the Supplemen- 
tary Cementitious Materials (SCMs) in a mixture. Therefore, we can control 90% of our CO, 
issues by paying attention to how much and the type of cement and the type of SCM we use. 
Table 1 shows the CO, eq factor for different cements and SCMs. 


Table 1. CO, eq factor for different cements and SCMs. 


Biner CO) eq factor* 
Portland Cement 0.92 
Portland Limestone Cement 0.85 
Slag 0.18 
Fly Ash 0.06 
Silica Fume 0.06 
Ground Glass 0.06 


Using Portland Lime Cement (PLC) instead of Portland Cement and high SCM can reduce the 
CO, emission by 7% and 45% respectively (a mixture is considered high SCM when slag is 
greater than 50% of total cementitious materials or fly ash is greater than 30% of total cementi- 
tious materials or slag is greater than 40% and fly ash is greater than 20% of total cementitious 
materials). High levels of cement replacement by SCMs will result in lowering early strength of 
concrete. High early strength concrete is required for demolding segments within 5—6 hours 
after casting (for example 15 MPa after 5-6 hrs). This is the focal point of today’s industry 
research and so far, the only solution has been using of alkali-activated binder (AAB) based on 
sodium carbonate. The concern with use of AAB is risk of the alkali—silica reaction (ASR) and 
long-term durability issues. 


3.2 Optimizing aggregate quantities 


Traditionally aggregates are designed according to ASTM standard based on coarseness 
factor charts which were not reliable at all. Tarantula Curve is a new and effective tool which 
was developed based on all workability tests including slump, the box test, ICAR Rheometer, 
visual observation, and float test. This helps optimizing the aggregate amount in the concrete 
mixture and thus reduction of paste (total cementitious content and water). The carbon emis- 
sion can be reduced up to 14%. 


3.3 Using fiber reinforcement instead of steel reinforcement 


Steel fiber reinforcement can significantly reduce the embodied carbon in segmental linings, com- 
pared to bar reinforcement. Steel rebars mass in unit concrete volume of tunnel segments changes 
between 90 to 160 kg/m*. Using formula 1 and considering COxeq factor of 1.85 for steel, carbon 
emission is about 166.5 to 296 kg/m*. In comparison, mass of steel fibers (Dramix 4D 80/60BGP) 
in unit concrete volume of tunnel segments is about 40 kg/ m? and COreq factor is 0.88 which 
gives carbon emission of 35.2 kg/ m°. This means 4.7 to 8.4 times reduction in CO, emission. 


3.4 Using carbon cure method 


Carbon is performed by injecting captured carbon dioxide into concrete. It is a new technol- 
ogy that when easily accessible, can together with other technologies reduce unit CO, emission 
of Concrete by as much as 71% 
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4 CO, EMISSION OF CONSTRUCTION PHASE 


There are two common sources of emission for equipment; the diesel fuel consumed to move 
in and out of the tunnel in every cycle and the electricity consumed by the equipment during 
operation. Explosives which may be used during the drilling and blasting advancing method is 
another source of CO, emission. In the following, the equations for calculating these emissions 
are presented. These equations will be applied for all diesels driven and electrical equipment 
that we will study later. 


4.1 CO, emission calculation equations 


4.1.1 CO, emission from fuel consumption 

For equipment speeds between 5 and 25 km/h, the diesel consumption DCi (in grams) will be 
the result of multiplying its weight Mi (in tons) by the distance the equipment goes back and 
forth 2 x d (where d is the distance from the working face to the portal in km) and by the fuel 
consumption per ton moved and km ran Cg (in g/t x km): 


DC; = M; x2 x dx Cg (2) 


Where C, can be calculated using Equation 3. 


C; = 7 (fr +i) (3) 


A typical value for the friction coefficient in a civil work road is fp = 3.5%. The sign of the 
slope will be negative when the equipment goes downwards and will be positive upwards. 

The consumption in grams can be translated into liters, using the diesel density (833 g/l). 
The CO, emissions (DE;) can be calculated multiplying the consumption of this equipment by 
its conversion factor (rp): 


DE; = (DC,/833) x rp (4) 


rp can vary depending on the region and data uses. A typical value of 3.25 kgCO, per liter of 
fuel for mining equipment can be assumed (Shillaber et al, 2016b). 

For equipment speed higher than 25 km/h (for example for transportation from the produc- 
tion factories to the construction site), the consumption, in grams, will be given using the fol- 
lowing formula taking into consideration two different roads, the outside and the inside of the 
tunnel: 


(outside) Cg yaro = do X (mr + mz) x (15 — Czo) + do x mr x (1s — a) (5) 
(inside) Cg yari = di x (mr + mz) x (15 = Cgi) +d; x mr x (1s = x) (6) 


where do is the distance travelled outside in km, vo is the speed of the truck outside of the 
tunnel (we can consider here the average speed of 60 km/h), d; is the distance travelled inside 
in km, v; is the speed of the truck inside of the tunnel (10 km/h), my and m; are the weight of 
the truck and the load respectively. Cgi is the amount of diesel consumed (grams) per ton 
transported and km driven and can be calculated using the following formula: 


Gass (7) 
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To have an idea, the accumulated quantity of CO, emission due to the articulated trucks used 
to remove the rock from a tunnel is presented in Figure 2 (Rodriguez, R. 2020). The tunnel taken 
as a reference is a double tube tunnel in Northwest of Spain with a slope of about 1% upwards. 
The depth was 125 m in average. 


1500 
So CO, produced by muck pile transportation 
9 1250 
a 
S 
@ 1000 
2 
£ 
N 750 
° 
o 
3 
Š 500 
E 
3 250 ¢ 
< 

0 
0 500 1000 1500 2000 2500 


Advanced length (m) 


Figure 2. CO, produced by muck pile transportation [Rodriguez et al., 2020]. 


4.1.2 CO; emission from electricity 
The electrical energy consumption (EC7) in kWh can be calculated using the following equation: 


EC; = NP x LF xt (8) 


where NP is the nominal power in kW, LF is the load factor (%), and t is the working time in 
hours. 

The emissions (EE;) can be calculated multiplying the consumption of the electricity by its 
conversion factor (rg): 


EE; = EC; XTE (9) 


A typical value for rg is 0.267 kg CO, per kWh according to the Spanish institute IDAE (2011). 
When using electric generator, it can be assumed as 0.66 kgCO,/kWh. These values depend on the 
specific regional characteristics, other authors suggest different emissions rate: i.e. Shillaber et al. 
(2016b) suggest a conversion factor 0.981 kgCO,/kWh for electric generators. To have an idea, 
the accumulated quantity of CO, emission by the mobile electric generators used in the reference 
tunnel is presented in Figure 3 (Rodriguez, R. 2021). 
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Figure 3. CO, produced by electric generators [Rodriguez et al., 2020]. 
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4.1.3 Emission produced during blasting 
The CO; produced during the blasting of the explosives will be calculated multiplying the amount 
of explosive (Mexp) used during the construction of the tunnel, by its conversion factor rex 


Eexp = Mexp X Tex (10) 


The conversion factor rex is about 0.258 kgCO, per kg of explosive used (manufacturers 
Maxam 2015). If emissions due to manufacturing should be included, this rate should be 2.0 
kgCO,; per kg of explosive. In the case of tunnels with a cross sectional area bigger than 60 m?, 
the amount of explosive needed according to different researchers (Cardu and Seccatore, 2016) 
varies from 0.5 to 1.5 kg/m3. 
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Figure 4. CO, produced by electric generators [Rodriguez et al., 2020]. 


4.2 Carbon emissions of different excavation methods 


4.2.1 Drilling and blasting method 

The emissions will come from energy consumed by the equipment used for this task, the jumbo 
(used to drill the blasting holes), TE, and the platform (used to load the explosives) TEp,;, and 
the CO, released during blasting Eexp (Rodriguez et al., 2017). The total emissions produced 
during the advancing cycle with this method will be: 


TEpg = TE; + TEpy + Eexp (11) 


The jumbo has two sources of emissions. The first is the diesel fuel consumed to move in and 
out this equipment of the tunnel in every cycle. Equation 4 can be used for estimating this emis- 
sion (DE;). The second source of emissions is the electricity consumed by the jumbo. It uses an 
electrical motor to drill the blasting hole. Equation 9 can be used for this emission (£E,). The 
total emissions of the jumbo during its work will be: TE; = DE; + EE). 

The platform to load the explosives uses diesel to move in and out of the tunnel and to load 
the explosives into the blasting holes in every cycle. Its consumption (DEpz) will be the same 
as (4), and its emissions (EE p,;) will be calculated as shown in (9). The total emissions of the 
platform during its work will be: TEp, = DEp, + EEpr. 

The CO, produced during the blasting of the explosives will be calculated using Equation 6. 


4.2.2 Excavation with road header 

The road header uses electrical energy to perform its task. The cutting head is moved by an elec- 
trical motor, and the energy consumption and the CO, emissions will be given using equation (6). 
To calculate the load factor Lp, we need to take into consideration the RMR of the tunnel strata. 
For the timing working t, in hours, we need to measure the real timing that the equipment is run- 
ning, and it will depend mainly on the quality of the rock, if that is good we can spend most part 
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of that working with the equipment, however if the quality is bad, we will spend most part of the 
timing work installing the support at the face with a very few use of this equipment. 


4.2.3 Excavation with hydraulic break hammer 

The hydraulic breaker hammer uses a Diesel engine to perform its work. Several studies were 
done around its diesel consumption, and for the typical equipment of 1500 kg and 18 KW, on 
a 25t excavator its consumption is about 36 L/hour (Rodriguez et al., 2017). The emissions 
(DEHBH) will be calculated multiplying its consumption rate (36 L/h), by the number of work- 
ing hours t and by the diesel conversion factor rp, as follows: 


DEypu = DCyey X rp = 36 x t x tp (12) 


For the working time, it will also depend on the quality of the rock as we mentioned above. 
For each specific case, the working time needs to be measured and the emissions will be evaluated. 

Rodriguez et al., 2020 calculated the carbon emission of seven different tunnels excavated in 
Northwest Spain. The summary of the ratio emissions for these tunnels (kg/m) can be seen in 
Table 2. 


Table 2. Summary of emissions rates (kgCO>/m) [Rodriguez et al., 2020]. 


Tunnel RMR Excavation Method Length Cross Emissions 

used (%) (m) Section rate 

a a im) gcos/my 
Somao 25-45 10 0 90 466 142.5 15,284 
Fresno 25-45 0 0 100 940 125 14,417 
Fabares 30-55 18 72 10 1922 92.1 10,276 
Padrún 25-55 98 0 2 1762 88.5 10,261 
Santiuste 25-65 60 0 40 500 113.7 8,710 
Peñaflor 21-50 44 0 56 695 99.4 8,260 
Folledo 35-70 100 0 0 2021 54 4,293 


4.2.4 Tunnel boring machine (TBM) 

Some factors considered for design of TBM are machine diameter, length of the machine, seg- 
ment layout, quantity of segments in ring, ground conditions, minimum segment width and 
thickness (Lovat, 2017). 

Various types of TBMs have specific power requirements. Table 3 shows the total cutter 
head power for different TBM diameters. The CO, per kWh for electric power packs using 
hydraulic motor depends on the area and it changes between 106 and 750 grams of CO, 
per kWh (EIA, 2017). 


Table 3. Total Power of TBM for different tunnel diameter [Adapted from 
Robbins, 2017]. 


_No. | Tunnel Diameter | Cutter Head Power | Total Power 
1 | iis ft | 1,340 KW (1,836 hp)  |2.010kW 

2 [13 ft | 2,100 kW (2.816 hp) [3,200 kW 

3 | 14.1 ft 2,345 kW (3,143 hp) | 3,517 kW 

4 | 14.1 ft 960 kW (214.5 hp) | 1,440 kW 

5 | 15.1 ft | 1,260 kW (1,690 hp) | 1,890 kW 


6 


| 15.8 ft 2,275 kW (3,050 hp) | 3,413 kW 


As an example, assuming TBM has an average production rate of 100 ft per 20-hour shift 
to allow 4 hours for maintenance and total CO, emission for 100 ft advancement of a 13 ft 
tunnel can be calculated as following: 


grCO2 hr 
em Ow 


3200 kW x (106 — 750) 6, 780 — 48, 000 kg. co = 222 — 1575 kg CO2/m 


100fi 
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4.2.5 Emissions released during loading and transportation 

The emissions will come from the diesel consumed by the loader that is taking the muck pile 
into the truck or dumper that is waiting to be loaded. Regarding the diesel consumed by the 
loader, we will use 0.15 L/h per kW of net equipment power (Salam et al, 2015). Then the diesel 
consumption (DCMPC), in liters, will be: 


DCwpc = 0.15 x NP xt (13) 


where NP is the net equipment power in kW, and t is the number of hours working. 

Regarding the truck or dumper waiting on low motion to be loaded, can be considered to 
be negligible, only 2.64 I/h are used. Then, the consumption of the truck (in liters) in waiting 
mode will be: 


DCrimM = 2.64 x t (14) 


The CO, emissions of this task DE,, can be calculated using the conversion factor rp (a typ- 
ical value for rp is suggested in 4.1.1. 


DE; = (DCypc + DCrim) xX rp (15) 


4.2.6 Rock waste transportation 

The emissions will come from the diesel consumed by the truck or dumper from the front of 
the tunnel to the waste dump. The equipment used to transport the rock removed from the 
face of the tunnel to the outside dump will use diesel, and we can use to calculate their emis- 
sions the same formulas in (1) and (2), but having into consideration the weight of the truck 
and the rocks to go outside of the tunnel, and just the weight of the truck to return to the face 
of the tunnel. If the distance from the working face to the portal is d, the distance from the 
portal to the out-waste dump is d’, the truck weight is M, and the rock weight is M,, in tons, 
the diesel consumption in grams will be: 


DCr = (M, + M;) x Cg + M; x (d +d) x Cy (16) 


We will consider the speed of 10 and 30 km/h inside and outside the tunnel respectively. C, 
can be calculated based on equations presented in 4.1.1. 
The emission will be calculated multiplying the consumption by the CO, conversion factor rp: 


DET = (DC7/833) xX FD (17) 


5 CONCLUSION 


In this paper, the procedure of estimating carbon emission of the main component of tunnel, 
concrete, is explained and different methods to reduce this emission is presented. Based on data 
presented in this paper, it can be concluded that the carbon footprint emission can be reduced 
by 70% using PLC with high SCM, optimizing aggregate quantities, using fiber reinforcement 
and using carbon cure methods. 

The emission during construction by conventional methods and TBM is described next, 
and examples of carbon emission of real tunnels are presented for comparison. By using the 
proposed procedure or method, an absolute value of CO, emissions can be obtained. How- 
ever, due to lots of variables evolved in these procedures, this value can vary from one place 
to another. 
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ABSTRACT: The paper analyses the feasibility of a developing a mountainous road tunnel 
between the Theodoriana and Melissourgoi, two mountainous villages located at the area of 
Central Tzoumerka, Epirus, Greece. The principle geological, hydrogeological and geotech- 
nical characteristics of the wider area are analyzed, followed by the identification of alterna- 
tive tunnel alignments to achieve the optimal construction and operational characteristics of 
the project. The preliminary design of the tunnel follows, including the assessment of the tun- 
nel’s layout and overall geometrical characteristics and proposed construction method. 
Detailed numerical analysis is performed for the design of the tunnel primary support meas- 
ures and the requirements for the permanent tunnel lining are defined, along with all required 
E&M installations. A preliminary evaluation of the construction cost is made along with the 
assessment of the direct and indirect socio-economic benefits that can be created by the pro- 
posed solution. The latter is given by taking into account a series of alternatives solutions in 
terms their respective cost, ability to provide ease of passage, environmental performance and 
finally socio-economic benefits to the population of the area. 


1 INTRODUCTION 


It is well recognized that transport infrastructure improves the business environment (Banister 
& Berechman, 2003; Paez et al., 2012) and has manifold beneficial effects on the quality of life 
of the residents of the area that is constructed. It is particularly decisive on regional development 
when the infrastructure bypasses specific topographic barriers (Vickerman et al. 1999). This is 
the case of Western Greece, that significantly benefited as a whole from the construction of 
large infrastructure projects built in the period 1991—2011, such as the Rio-Antirio sea bridge, 
that links Peloponnese peninsula with mainland Greece, the Ionia Odos, crossing the regions of 
Western Greece and Epirus from Antirio to Ioannina, and the Egnatia Motorway that links 
Regions of Epirus, Macedonia and Thrace from the Igoumenitsa Port up to the Greek-Turkish 
borders in Evros. However, despite the benefits for the wider region, the relative accessibility of 
many mountainous areas has been decreased, a phenomenon that is usually reflected in the 
sharp decrease of population and economic activity (Panagiotopoulos and Kaliampakos, 2021). 

The Municipality of Central Tzoumerka, Epirus, Greece, is a typical case in which wider 
changes not only they haven’t improved the existing situation but have pushed the region into 
greater isolation; the population decreased in the period 1991—2011 of more than 30% 


DOI: 10.1201/9781003348030-10 


74 


(exceeding 60% for the age group 0-9), the travel const from there to service centers has 
increased of around 5%, while experienced a decrease in relative accessibility of around 10% 
(Panagiotopoulos and Kaliampakos, 2019), indicating the isolation of the area. 

The road network in the area is affected by the mountainous terrain morphology, with many 
natural obstacles (rivers, mountains), high gradients, inappropriate sequences of curves - 
straight lines, areas with small radii of curvature, limited visibility, high values of precipitation, 
frost and/or snow, etc. Thus, the existing road connection between the settlements of Melissour- 
goi and Theodoriana, and therefore communication between the Central and Nothern Tzou- 
merka, follows a circular route of approximately 75km (Figure 1), exhibiting all the inherent 
problems of the local road network, and requiring a travel time of around 2.5 hours. Therefore, 
it is obvious that a main problem of the region is the ineffective connection of Central and 
Northern Tzoumerka at their north-eastern part. This ineffective connection (Figure 1), has 
contributed to the uneven development of the two municipalities. More importantly thought it 
hinders the expansion of new development opportunities that derive from the inherent spatial 
unity of an area of exceptional natural beauty, with a common history and culture of centuries. 


Figure 1. Left: Area of interest for the design of the underground tunnel crossing the “Tourla” massif. 
Right: Map of the existing access road network between the settlements of Melissourgoi — Theodoriana, 
where the circular connection road is observed (in red color); the gravel road between the villages passing 
from the mountain top (Ayti pass) is also shown (in yellow color). 


The paper is focusing on the design of the tunnel infrastructure that can be developed 
underneath the “Tourla” massif and can offer swift and safely transit between the villages and 
the Northern and Central Tzoumerka, in general. The analysis presents the main geological 
and geotechnical features of the area, assess the alternatives alignments and finally presents 
the optimal design of the tunnel. Finally, the feasibility of the project is addressed by present- 
ing data relating to the overall financial and socio-economic benefits that it can bring about. 


2 GEOLOGICAL AND GEOTECHNICAL CHARACTERIZATION 


The area of the proposed tunnel alignment consists of the geological formations of the Pindos 
and Ionian geotectonic Zones. The Pindos zone consists of Triassic-Jurassic limestones, while 
the Ionian zone consists of Flysch formations. In both units the formations are heavily dis- 
turbed due to the large tectonic contact of Pindos zone on the Ionian zone, which is a key char- 
acteristic of the narrow study area. In Figure 2 the anticipated geological-geotechnical 
longitudinal section along the proposed tunnel alignment is shown, based on the field geological 
study and a limited number of boreholes drilled near the tunnel portal areas. 
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The main geological formations in the narrow area of the tunnel consist of thin-bedded Tri- 
assic limestones (limestones with jasper) with claystone alterations in places. The limestones 
are folded, with an isoclinal structure and uplifted layers, appearing with a large thickness in 
depth. Near the thrust zone, however, they appear heavily broken and disintegrated. The 
flysch formations, consisting of siltstone layers with sandstone alterations, are strongly folded 
and sheared. Their structure is not evident in the study area due to their strong tectonism, 
resulting in a chaotic character. 

A limited number of boreholes were drilled near the tunnel’s portal areas, since at this stage 
it was not possible to drill along the tunnel alignment both due to the mountainous terrain 
and the large overburden. Drill core samples were obtained and tested in the laboratory to 
measure the strength and deformational properties of the intact rock and the rock discontinu- 
ities. Based on the available data, the rock formations were classified according to the RMR 
and GSI geotechnical classification systems. In the study area, four (4) rock mass types, i.e. 
B1, B2, B3 and B4 Engineering Geological Units - EGU, and one (1) type for the screes 
(Table 1) were distinguished, with the main occurrence units being generally the B2 and B3. 

The behaviour of every engineering geological unit is illustrated in Figure 2. The main 
behaviour type of the units B1 and B2 is wedge sliding- falling (Wg) and chimney type behav- 
iour (Ch) but shear failures (Sh) can be also expected for B3. In the case that ground type B4 
will be met, squeezing conditions will be developed. 


f 
' 
Cranage Ss ls 
A 
1 


eo TS 
e te zA = 
Sentewr water tows vo vt rat eat pa Do parn ote ewe, Ses os 


ny 


ica ot] oo i os ail oa s R- C a 


| 
i 


< 


Figure 2. Geological-geotechnical longitudinal section along the proposed tunnel alignment (T4). 


Table 1. Engineering Geological Units — Rock mass types. 


EGU Description GSI mi 6g (MPa) 
El Screes (SF): a) medium dense, b) very dense to cemented screes - - - 
Bl Very blocky to disturbed-folded limestone with multi-faced angular 45-55 14 50-80 


blocks formed by 4 or more joint sets 
Folded thin bedded limestone with angular blocks formed by many 


He intersecting discontinuity sets. Claystone or chert alterations at places ee Ps BUH 
Heavily broken thin bedded limestone with claystone alterations at 

B3 places. The rock mass appears with small angular blocks and very 22-27 12 30-50 
poor interlocking 

B4 Heavily broken to sheared Flysch (siltstone-sandstone alterations) 17-22 7 10-15 
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3 PRELIMINARY TUNNEL DESIGN 


3.1 Tunnel alignment 


Based on the available geological and geotechnical data, the morphology and the existing road 
network of the area, four alternative scenarios for the tunnel alignment were investigated, 
i.e. TA1, TA-2, TA-3 and TA-4, as shown in Figure 3. Table 2 compares semi-quantitatively 
the characteristics of the various alternatives, based on the prevailing geological- 
geotechnical conditions, tunnel length, portals safety and the level of integration with the 
local road network. TA-1 is advantageous in terms of excavation length, but it must over- 
come particularly unfavorable geological conditions, and for this reason it is rejected. The 
other solutions (TA-2, TA-3 and TA-4) show similar characteristics, with a slight superiority 
of the last two solutions in terms of moving away from the thrust zone. Based on all the set 
criteria, the proposed alignment is TA-4, referred to as the optimized alignment. 

TA-4 is developed horizontally with a NW-SE direction and vertically with a constant lon- 
gitudinal inclination of ~2.3% towards the North portal. The longitudinal inclination is 
imposed by the altitudes of the tunnel portals, which were determined under the constraints of 
the strong topographic relief and the presence of the Krania stream at the North portal and 
Pilioura stream at the South portal. 


Figure 3. Four alternative tunnel alignment scenarios (TA-1, TA-2, TA-3 and TA-4) for the Melisour- 
goi-Theodoriana tunnel. 


The tunnel has a length of approx. 1,500 m and a maximum overburden height of about 
500 m, while the elevation of the portals’ areas is ranges from 1350 - 1400 m, being the highest 
tunnel in altitude in Greece, if constructed. This, in combination to the challenging geology 
and overburden height are making the proposed tunnel a highly demanding technical project. 
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Table 2. Comparative evaluation of alternative tunnel alignment. 


Criterion\Alignment TA-1 TA-2 TA-3 TA-4 


Tunnel length SAAANA VIS VS VIS 
Engineering geological characteristics v VSS VIII VAISS 
Portals safety VV VSS VIS VIS 
Connection with existing road network VEERA VIS VIS VSS 


3.2 Cross section 


The basic scenario for the tunnel design is a single branch tunnel with bi-directional traffic. 
The tunnel cross section is designed according to the 10.5T cross-section, which is the smallest 
cross-section provided for by Greek legislation. This standard cross-section covers both the 
current traffic load requirements, with an estimated Annual Average Daily Traffic - AADT of 
up to 200 vehicles, but also any future increased requirements up to 2,000 vehicles. The overall 
width of the cross section is 9.50 m, with a carriageway width of 7.50 m and a sidewalk’s 
width of 1.00m. The typical cross-section of the tunnel is given in Figure 4. 


3.3 Initial support and final lining 


The structure and strength properties of the rock mass, combined with the overburden 
height along the TA-4 alignment, define the expected behavioral types of rock mass and 
the potential failure mechanisms. In summary, the following potential failure mechanisms 
have been distinguished, based on the Tunnel Behavior Chart of Marinos (2012): i) 
structural failures, either alone or in combination with chimney-type failures, ii) raveling 
ground, iii) small to moderate shear deformations, that may also be combined with 
small chimney type failures, iv) large deformations — squeezing. To address the above 
potential failure mechanisms during tunneling, six support categories were designed that 
they are summarized in Table 3. 
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Figure 4. Proposed tunnel cross section. 


For the design check of the support categories detailed numerical finite element analysis 
were performed. For each rock mass category and depth, a multi-stage two-dimensional 
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Table 3. Initial support categories of the proposed tunnel. 


Top Step - Lattice 
heading/ top girder/ 
Support Bench/ heading, Steel Face support 
Category Invert B (m) Rockbolts Shotcrete sets Pre-support measures 
Swellex 200kN, 10cm Shotcret. 
SC-I SWIX 2.0-2.5 L=4.0m, (5cm s g > cm (WR) 
ScxS1=1.5x1.5m SFR) 
a am LG Ri Stoere 
SC-II VIVIX 1.5-2.0 7_ i i (10cm 70/20/ sac.) 6S em, SFR 
L=4.0m, SFR) 25 S=35cm, (WR) 
ScxSL=1.5x1.5m (WR) 
25cm ; 
ae. (20cm LG = a sm, Shoterete 
SC-IIA Jive 15220 72°" > SER, 95/20; 400m >M, 5 cm, SFR 
L=5.0m, ScxS, S=35cm, 
=15x15 1xSM 30 (WR) (WR) 
Spee T188) 
25cm 42 spiles 
; Shotcrete 
E (20cm LG SDA40/20, 
SC-B vie. 1.0-1.5 SP 30/11, L=5.0m, SFR, 95/20) L=5m, 310 cm, SER, 
ScxS,=1.5xB IxSM 30 S=30cm inclined face 
T188) (WR) (WR) 
30cm 42 spiles 
; Shotcrete 
E (5cm LG SDA40/20, 
sciv vix 10-15 SP 30/11, L=5.0m, SER,  115/26/ L=5m, 5-10 cm, SFR, 
ScxS,=1.5xB IxSM 34 S=30cm inclined face 
T188) (WR) (WR) 
35cm 42 spiles, SDA Shores 
SD 30/11, L=6.0m, (SFR, HEB 40/20, L=5m, 
SCN i ee re 2xSM 160 S=30cm, ei ie ay 
T188) (WR) 


*SD=Self Drilling, SFR=Steel Fiber Reinforced 


numerical model was prepared, with distinct stages of relaxation and support activation, to 
represent the sequential tunnel excavation and initial support installation. The loading of the 
shotcrete lining was assessed, and its adequacy was checked against the provisions of EC2, by 
considering the long-term effects coefficient equal to 1.0. The M-N interaction diagram for 
SC-II in TE B2 rock mass at 270 m depth is illustrated in Figure 5. 

Based on the anticipated rock mass failure mechanisms and on the results of the numerical 
analyses, the application criteria of each support category were defined, and they are pre- 
sented in Table 4. The application limits of each support category are determined according to 
the rock mass type and the height of the overburden. These data are used to estimate the 
application lengths of the temporary support categories along the tunnel. 

A reinforced concrete C30/37 final lining of the tunnel is proposed to be constructed. The 
geometry of the final lining has been derived from the geometry of the typical cross section 
10.5T. Two types of final lining were designed (Figure 6), the application of which depends on 
the geotechnical conditions that will be encountered during the opening of the tunnel and the 
respective category of temporary support. 

Cross-section type I (Figure 6a) is an open cross-section with a 0.40 m thickness at crown, 
proposed to be applied to SC-I, SC-II, SC-IIIa, SC-IIIb, and SC-IV support categories. 
Cross-section type II (Figure 6b) is a closed cross-section with a crown thickness of 0.40m and 
a closed invert with a thickness of 0.75m. Type II is proposed to be applied to rock mass class 
B3 in overburden larger than 380m, or alternatively where support class SC-V needs to be 
applied. 
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Figure 5. M-N interaction diagram and shotcrete loading for SC-H in TE B2 rock mass at 270 m depth. 


Table 4. Application criteria of each support category. 


Rock Mass Category Overburden height (m) Support Category 
B1, GSI = 45- 55 < 300 SC-I 

300 — 400 SC-II 

400 — 500 SC-Ia 
B2, GSI = 35 - 45 < 270 SC-II 

270 — 380 SC-a 

380 — 500 SC-IV 
B3, GSI = 22 — 27 < 300 SC-HIb 

300 — 380 SC-IV 

380 — 500 SC-V 

' Fy 2 
(a) (b) 


Figure 6. Types of tunnel final lining cross-section: (a) type I — open cross-section, (b) type II — closed 


cross-section with inverted arc bottom. 


4 TUNNEL CONSTRUCTION COST ESTIMATION 


The preliminary estimation of the construction costs was performed with two different meth- 
odologies. The first one is based on the empirical relationship of Paraskevopoulou & Benar- 
dos (2013), based on as-built data from tunnel cases constructed in Greece: 
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Cost per m? = 139.57e700!9GS1 (1) 


The above formula expresses the construction cost (€/m? of excavation) in terms of the 
encountered geotechnical conditions, as expressed by the GSI index, and considers the cost 
components of excavation and primary support. For the final cost estimation, it is assumed 
that the other cost components (final lining, electromechanical systems, pavement, etc.) are of 
the order of 30% of the excavation and primary support costs. With these assumptions a final 
cost of 20.7 M€ (16.7 ME excluding VAT) for the underground construction of the tunnel is 
estimated. 

With the second methodology, an analytical pre-measurement of all the works and mater- 
ials - estimated during the design of the tunnel - was carried out for each of the geotechnical 
units defined. Subsequently, the determination of the cost was carried out in accordance with 
the descriptive billing regulations and the respective unit prices, as applied by the Greek con- 
tracting authorities during the process of public works contracts awarding. A total cost of 
29.3 ME (23.6 ME excluding VAT) was estimated by the second approach. 


5 FEASIBILITY AND SOCIO-ECONOMIC BENEFITS 


The evaluation of a project is commonly carried out by comparing the cost of the project 
along with the estimated socio-economic and environmental benefits brought by its develop- 
ment. Nevertheless, this cannot be made strictly based on simple cash flow indicators, since 
the main benefits arise from the financial and socio-economic development as a result of the 
project’s utilization. For the case presented, the analysis is consisted by assessing a number of 
indicators interlinked with the quality of living as well as with the improvement of the overall 
conditions to the residents and visitors of the area. 

First of all, the compatibility of the project with the regional and national strategic 
development plan is well ensured by offering benefits related with the strengthening of 
regional development by improving the mountain road network and enhancing accessi- 
bility and tackling issues related to aging residents and severe population decline of the 
mountainous regions. 

Regarding the reduction of travel times, the tunnel development will allow the connec- 
tion between the two villages in approx. 20 min, out of the current transit of around 2.5 
hours. In terms of travel distance, the new project could allow the replacement of the 
75 km circular route with a new infrastructure of 16 km. The change in time distances is 
obviously of wider influence and has positive effects for the entire area of Tzoumerka as well as 
for the Region of Epirus in general. For example, the travel time between the main village Pra- 
manta to Theodoriana is reduced by about 70 %, while the travel time from Pramanta to the 
city of Trikala in Thessaly, is reduced by 26%. These changes have the direct result of the reduc- 
tion of the isolation of the settlements in the area, where according to the ARI(gr) index (Pana- 
giotopoulos & Kaliampakos, 2019), the tunnel connection and the improvement of the existing 
road network will result in an increase of local accessibility by up to 15%. 

In terms of development opportunities, as far as the tourist sector is concerned, the changes 
in time distances, and mainly the unification of the Tzoumerka region, will result in the influx 
of a new tourist stream increasing both the catchment area of potential visitors as well as their 
expected stay duration, as distances are drastically shortened. In terms of the socio-economic 
impact this can be discerned to reduced travel time, reduced operational vehicle cost, reduced 
accident rates and their associated cost. Using the base estimate of 300 vehicles as AADT, 
a significant social benefit can be expected in the order of 5 M€, on an annual basis, if com- 
pared with the circular connection route alternative. The increase of AADT yields even more 
considerable benefits that render the proposed solution more appealing. 

Finally, from an environmental point of view, the tunnel presents inherent advantages in 
terms of interaction with the local ecosystem. In the construction phase, the impacts are tem- 
porary in nature, have a low or moderate intensity and are basically fully reversible. No visual 
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impacts are inflicted in the sensitive mountainous environment, no impacts to the ecosystem is 
expected also from the operational phase of the project. Moreover, considerable reduction in 
CO, emissions are achieved through the use of the infrastructure as compared with alternative 
existing routes. 


6 CONCLUSIONS 


The Melissourgoi - Theodoriana tunnel is an infrastructure project of strategic importance 
for Tzoumerka and Epirus, in general reducing isolation in 48 settlements in the area. It can 
significantly enhance the development potential of the region, with the development of 
a new connection between the Region of Epirus and that of Thessaly. It completes and 
closes the “ring road of Tzoumerka” and restores their historical, cultural and productive 
unity, reversing signs of uneven development in this mountainous region, attaining, at the 
same time, maximum environmental protection of an area of special natural beauty. 

The project is in full compliance with the development goals in regional and national level 
and can become a successful case for the tunneling expansion in Greece to strengthen the 
accessibility and development of mountainous areas. In essence, it is a “base tunnel” that 
crosses the mountain massif of Tourla at its lowest point, replacing a route of several kilo- 
meters. As an engineering technical project, it is characterized as of special requirements. 
When it is built, it will be the highest tunnel in Greece, while it will belong to the few tunnels 
in Greece that have overburdens of more than 500 m. Such conditions although demanding 
special attention are within the engineering capabilities of the country. The analysis presented 
aimed at decoding all challenging issues and paving the way for its implementation by defining 
the majority of the design characteristics required. Finally, it utilized an analysis framework 
that highlighted the benefits attained so as to further facilitate the adoption of the project. 
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ABSTRACT: The new guide on Tunnel Asset Management is going to be published by the 
UK industry that reflects current industry advances in technological innovation and evolving 
tunnel asset owner requirements. This will enable asset owners to have a trusted practical 
guide that can support technical and commercial decision-making regarding tunnel assets and 
aging infrastructure and also will provide a guidance for all involved stakeholders to effect- 
ively manage the ever-growing infrastructure asset legacy. 


1 INTRODUCTION 


The UK Industry is imminently to publish a new guide on Tunnel Asset Management that 
reflects current industry advances in technological innovation and evolving tunnel asset owner 
requirements. This will enable asset owners to have a trusted practical guide that can support 
technical and commercial decision-making regarding tunnel assets and aging infrastructure. It 
will also provide updated guidance for a spectrum of stakeholders including: 


e Consultants. 

e Contractors. 

e Planners, insurers. 
e Academia. 

* Government. 


Industry views will be crucial in the preparation of the Guide that will assist proactive & 
predictive planning and maintenance regimes and the operational availability of the asset. The 
Guide will enable changes in current working practices, share updated recommendations and 
provide a route map to implement future requirements for tunnel asset management. The gen- 
eric content of the Guide would be applicable to global tunnelling practice. It’s intention is to 
share good practice and encourage Asset Management principles when planning for mainten- 
ance of underground assets. 


2 ASSET MANAGEMENT IS NOT SOMEBODY ELSE’S PROBLEM 


Over the past 10-15 years the tunnelling industry has been delivering major new build projects 
such as London’s Crossrail & Tideway projects and England’s HS2 Tunnels, and planning 
future projects such as the Lower (River) Thames Crossing. In parallel we see how our clients 
and operators need to effectively manage the ever-growing infrastructure asset legacy. 

New technology is enabling proactive maintenance to be undertaken remotely, safely, and 
efficiently and monitored in real time. We need to embrace the practices of adjacent industries 
in the adoption of survey, inspection, monitoring, prediction, and controls systems that allow 
us to manage tunnel assets safely, remotely, reliably, and continuously. 


DOT: 10.1201/9781003348030-11 
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Planning to operate assets over a 100-year life is not somebody else’s problem. Increasingly 
it’s mandatory for prebuild requirements to demonstrate that infrastructure is not just fit for 
the intended foreseeable purpose i.e., serviceability, durability, meets capacity requirements, 
and can be efficiently maintained. It will become necessary for owners to consider adaptabil- 
ity, resilience, and possible evolving needs. (Crystal ball gazing comes to mind!). Mark Wild, 
CEO of London Crossrail, forecasts that Crossrail 1 will last for 300 years (“Economist’ 
August ‘21). Well, the holes in the ground might last that long, but will it be used for rail 
transport in the 24th Century? Maybe it will evolve into a spatial conduit for “Crossrail ver- 
sion 5’? More likely it could be a linear underground urban farm, a longitudinal data storage 
tube for Google or an Amazon ‘quick’ delivery cargo module transit under London’s Oxford 
Street (anything is possible!). 

The point is that in addition to the proposed new build, our owners and operators will have 
to continuously manage the legacy infrastructure that we have (e.g., 100+ year-old London 
Underground (LUL) tunnels; the 30-year-old LUL Jubilee Metro Line Extension, 100-year- 
old East London Rotherhithe and Blackwall Road Tunnels under the River Thames and the 
30-year-old England-France Channel Tunnel etc.). That means ensuring that the existing foot- 
print can be adapted to changes in capacity, new management technology and possibly even 
repurposing its use. In addition, there will be demand for more convincing evidence that new 
infrastructure build is necessary and that it fulfils the contemporary societal requirements i.e., 
resilient to climate change, low or zero carbon and providing convincing value measured 
across a wide spectrum of indicators and is affordable in construction and operation. 

So, who is responsible for Asset Management? Quite simply it’s the tunnel industry’s prob- 
lem and the responsibility of professional engineers to ensure that the design and construction 
of the structure and fabric of tunnel structure incorporates durable materials; sustainable and 
low /zero carbon solutions; can be inspected, maintained, and operated safely and efficiently, 
and considers the implications of life cycle management. In the case of infrastructure that is 
technology dependent (e.g., metro systems) can the purpose of the structure be adapted either 
in terms of future upgrading or even be repurposed for another function? 


3 WHAT HAPPENS IF THE LIGHTS GO OUT? 


The new guide seeks to reach a wider spectrum of stakeholders that are key to the delivery 
and maintenance of tunnelling infrastructure. This is particularly so for owners and operators 
and the public who rely on the serviceability, safety, benefits, availability etc. and are the first 
to complain when the trains don’t run (think of the New Jersey Transit and Amtrack services 
under the North River Tunnels between Manhattan and New Jersey) see Figure 1; when the 
electricity supply goes down, the sewers are blocked or overflowing, and the water supply 
dries up; and there are emergency events in road tunnels. That’s how we are judged by the 
media and public and those who pay for the reliability and safety of subsurface infrastructure. 
So, the guide will also seek to inform insurers, concessionaires, government bodies, infrastruc- 
ture planners and regulators, and provide a best practice and a guide for technical and com- 
mercial decision-making. 


4 WHAT IS ASSET MANAGEMENT? 


The major requirement of Asset Management seeks to have a coordinated approach of the 
planning and implementation of activities that have a potential or active value to an organisa- 
tion and seeks to do so with effective and efficient means. In other words, it’s about taking 
care of what you have (or plan to have). 

The consequential engineering considerations that need to be addressed include: 


¢ Fitness for purpose (will the purpose change i.e., capacity, and new technology?) 
* Does end of ‘design life’ mean end of function? 
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e Can the structure be upgraded or adapted for another future function? 

e Can maintenance and upgrading be done efficiently and safely? 

* Have all potential risks been considered regarding resilience and durability? 

e Can the structure be monitored and controlled remotely with minimal human intervention? 
* Can the structure be maintained/repaired safely in -service? 


Long-term continuous monitoring of data regarding the behaviour of smart structures can 
help understand the stability and degrading mechanisms of underground structures. The rele- 
vant data could replicate the actual long-term behaviour of underground infrastructure and 
support the design process and commercial decision-making regarding reducing factors of 
safety. The author knows one prominent Asian Metro Operator who by using monitoring and 
relevant data actively sought to reduce conservative factors of safety for subsurface design 
that eventually led to reduced construction costs for permanent and temporary works. Backed 
by long-term evidence, relevant data, and actual performance he was able to achieve approxi- 
mately 10% reduction of civil engineering project costs. 


5 LEGACY ASSETS 


Our industry gets very excited about building new tunnels but affordability and congested 
urban areas may dictate that new build is not required or not sustainable etc. For many devel- 
oped nations, owners must manage underground infrastructure that is approximately 100 
years old and the new build of the past 40 years or so will be reaching the limits of design life 
in another 40 years. 


Figure 1. Inspection of 100+ year old rail tunnel under the Hudson River. 
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We are going to have to manage more and more legacy infrastructure and adapt existing 
physical footprints using fast-moving technology developments that increase the useful life of 
a structure e.g., capacity and through put; evolving adaptation; new uses; phasing out of old 
technology; societal needs (e.g., the future requirements of transits & road systems for 
instance). 


6 WHAT DO CLIENTS AND OWNER OPERATORS WANT? 


The UK Minister for Rail recently said that “I want to make sure that I’m getting the best 
bang for the taxpayers’ ‘buck’. I want to make sure that we get proper value for money”. The 
MD of England’s £100bn High Speed Rail project has also supported this, “Major Projects 
will have to show that they provide value for money as the government carries out its spending 
review”. 

Owners, Operators and public clients are currently addressing the same message to the indus- 
try regarding enhancing asset knowledge to mitigate risk and improve safety during operational 
life; utilising intelligent monitoring systems to improve efficiency of England’s canal and water- 
way systems; building monitoring and asset knowledge to improve resilience on rail networks; 
and how England’s High Speed rail infrastructure assets can be monitored and future interven- 
tion programmes can be prioritised. The industry has to respond to these requirements because 
governments and regulators are driving the agenda of sustainability, lifecycle value for money, 
increasing the regulatory targets and forcing industry to incorporate resilience into the planning, 
design, construction and operation of legacy and future infrastructure. 


7 FUTURE INFLUENCES 


The planning and design of tunnel infrastructure will need to include consideration of these 
current or possible future significant aspects. 


¢ Transport patterns changing- e.g., covid, and flight from cities 

e Affordability criteria of future infrastructure 

e Increase in energy costs 

e Technology advances & smarter infrastructure 

e Data driven solutions 

e Carbon reduction 

e Systems approach to design 

e Resilience to meet a broader range of operational risks i.e., influence of climate 
e Political & public expectations of value for money and benefits for society 
e Security of assets e.g., cybersecurity 

° Extending life of assets 


It is therefore important to provide a template to support decision making by a range of 
stakeholders who are involved in the planning, construction, and operation of tunnel infra- 
structure. This is the reason for the UK initiative to publish and encourage a common 
approach to the management of underground infrastructure assets. 


8 NEW INITIATIVE 


I chair of the Construction Industry Research and Information Association (CIRIA) Steer- 
ing Board, tasked with producing a Guidance for Industry on the management of tunnel 
assets (old, new and future) and to produce standard procedures so that common asset man- 
agement principles can be embraced by a wide range of stakeholders from owners, oper- 
ators, legislators, funders, insurers, government agencies, consultants, contractors & supply 
chain providers. 


86 


It will share best practices from UK and international sources and will include recent devel- 
opments in tunnel linings, material science, data management, observation, control, and pre- 
diction. In parallel, and most importantly, it will need to recognise contemporary demands 
regarding sustainable practices with respect to resilience, new legislation security, safety, 
value, net zero and the rising influences of climate change. The aim is to produce a trusted 
practical template to assist the technical and commercial process when planning for the man- 
agement of tunnel assets. Section 3 (tunnel asset management) is proposed to become the 
‘core’ of the document and focus on tunnel management decision-making, referencing other 
sections as appropriate. 

It will be quite a challenge to achieve consensus of the key influences and impacts; 
a common agreement of the priorities; the format and content of the Guideline; and import- 
antly produce a concise easily read document that will meet the requirements of a wide stake- 
holder base 

The CIRIA Guidance manager Sarah Fray and the CIRIA Contractor preparing the guide- 
line is Mott MacDonald, led by Leo McKibbins, and the aim is to publish the guideline by 
mid-2023. 

It is proposed that a standalone supporting guide is produced which complements the exist- 
ing C671 “Tunnels: Inspection, assessment, and maintenance” guideline published by CIRIA 
in 2009. The 2009 document was largely restricted to masonry type structures influenced by 
the strong UK rail owners’ interests and their myriad aging tunnel assets. Also, the 2009 doc 
is to some extent a manual of methods of repair and maintenance. Since that time the explo- 
sion of new materials, technology smarts and the systems approach to managing infrastruc- 
ture requires an updated/or rethink of the need for a more relevant guidance i.e., relevant to 
managing the assets . In my recent presentations and discussions | sense that the industry is 
‘crying out’ for a Guidance document . There are plenty of other Manuals around the world 
on how to do it rather than when and why .l have given assurances that the main aim of the 
CIRIA Guidance is to enable the when and why decisions. 


9 KEY AREAS FOR DEVELOPMENT 


There will be a focus on four areas that underpin the content of the new Guide: 


e Tunnel asset management — Development and use of tunnel asset information systems, 
smart monitoring, and predictive maintenance. 

e Tunnel renovation and renewals — Technological advances in re-lining, advances in mater- 
ials and techniques for mitigation and remediation of tunnels, tunnel structure failure 
prediction. 

e Condition appraisal — Automation of tunnel inspections and data capture systems, develop- 
ment of technology and computer vision for data-driven condition appraisal, and smart 
survey visualisation and assessment systems. 

e Case Studies — To include new major projects and upgrade programmes. It is important 
that the new guide reflects these current industry advances, particularly with reference to 
developed technological innovation and current tunnel asset owner requirements. This 
authoritative guidance will enable asset owners to have a trusted practical guide that can 
support technical and commercial decision making, especially upon increasing tunnel asset 
stocks and aging underground infrastructure. 


It is important that the new guide reflects current industry advances, particularly with refer- 
ence to developed technological innovation and current tunnel asset owner requirements. Devel- 
opment of an authoritative document by industry that provides guidance on new approaches 
and technology will save costs relating to inspection and maintenance of tunnels. Ultimately this 
leads to improved health and safety practices by minimising time spent by individuals in tunnels 
and improved decision-making for when repair or renewals should be carried out. Other 
advances in health and safety include real time monitoring of environmental conditions such as 
air quality. This will encourage a movement towards predictive maintenance regimes and more 
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proactive planning that maximises the availability of the asset for the benefit of users. Changes 
in current working practices should be implemented across tunnel asset management pro- 
grammes that build off CIRIA’s current C671 guide and move the industry forward together 
with updated recommendations and an agreed route map for future needs. 


10 EXAMPLES OF GOOD PRACTICE 


A number of relevant industry initiatives that are addressing more effective and efficient 
means of asset management will be included in the Guide which represent evidence and good 
global practice. For example: 


Cambridge Centre for Smart Infrastructure & Construction (CSIC) 

CSIC is an Innovation and Knowledge Centre funded by UK Government and industry. It 
is developing cutting edge sensing and data analysis models to provide a powerful platform 
for delivering data to enable smarter whole-life asset management decisions, for both new 
infrastructure and existing assets. CSIC collaborates with partner organisations across policy, 
standards, and industry adoption to effect transformative change. 

Recent and relevant research working in conjunction with owners and operators include: 


e “Making sense” instrumentation and monitoring to support performance-based design. 

e “Line of sight” an asset management methodology to support organisational objectives. 

° Integrating infrastructure information for efficient whole-life asset management. 

e “Data-driven asset management”: A framework for linking ISO and BIM standards for 
whole-life value. 


London Underground Ltd (LUL) 

LUL has a long history of conducting maintenance in non-operational windows of avail- 
ability i.e., night-time working. This enables the metro system to stay open with no disruption 
to the daily timetable. This requires well thought out and safe methodologies for repair and 
maintenance of tunnel linings, drainage systems, rail, and fixed utility systems such as power 
and signalling. (See Figure 2). 


Figure 2. 150-year-old tunnel London Metro: repairs to tunnel lining. 
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That planning means being prepared for all eventualities and contingencies with well- 
rehearsed scenario planning. This approach has enabled LUL to conduct the complete 
replacement of a 3km of rail,track equipment and invert drainage etc working from midnight 
to Sam in the morning using ‘moving factory’ approach where specially equipped independ- 
ently powered trains facilitated the sequential removal and simultaneous replacement of obso- 
lete assets. Many European and Asian metro operators have adopted this approach where 
metro tunnels cannot be closed for maintenance and thus mitigating the possible disruption to 
the movement of hundreds of thousands of commuters who keep the economy thriving in our 
busy urban centres. 


Other industries 

The tunnel industry can and must learn from other adjacent industry practices such as the 
aeronautical and automotive markets: Predictive data management, remote continuous gath- 
ering of data, use of low carbon materials, effective and safe intervention where non- 
disruptive techniques of repair and maintenance are much more advanced than our industry. 
The Guide will reach out to these industries and seek to find relevant learning that could 
inform and be adopted by stakeholders. 

The author intends to refer to other examples of good practice during the session presenta- 
tion at the conference. 


11 INSUMMARY 


The new guideline seeks to inform a wider range of stakeholders who suffer the consequences 
when the failure of tunnel infrastructure results in transport delays and disrupted energy sup- 
plies etc. The tunnelling industry wants to play its part to fulfil these contemporary expect- 
ations and CIRIA will seek industry and external views and contributions during the 
preparation of the new guideline. CIRIA will also refer to international best practice and 
bring lessons learned from adjacent industries that have more experience in advanced solu- 
tions to asset management. 

There is a growing number of conferences that incorporate the themes of asset management 
that reflect our societal needs, sustainable and commercial practices with respect to value for 
money maintenance and carbon reduction etc. The UK Institute for Manufacturing published 
a report this year citing evidence that vital 150-year-old London Underground infrastructure 
needs proactive asset maintenance regimes - including in-service refurbishment and repairs - 
that are essential to maintain its value and importance to the economy of London. ISO 55000 
requires that thorough life management of physical assets is essential to realise the value of 
responsible asset management. And the CMA (UK Competition & Markets Authority) 
recently published a new code requiring construction, transportation, and utility companies to 
add more substance to their claims that they are fulfilling their obligations to more sustainable 
practices (no window dressing!). 

Managing our underground assets is very much part of this agenda. 
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Underground solution for urban resilience: Stormwater 
management infrastructure 


A. Koliji, T. Kazerani, G. Questi & J. Senn 
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ABSTRACT: In past decades, stormwater management has become an essential component 
of climate-change resilient urban development. Replacement of natural pervious areas with 
impervious surfaces increases stormwater runoff volumes and peak flows. In the absence of 
sufficient drainage system, cities are subject to urban flooding with potential loss of life and 
property damage. Underground solutions with network of smart tunnels and pumping sta- 
tions are of a central role for urban resilience. The present paper studies a stormwater infra- 
structure in the city of Jeddah in the Kingdom of Saudi Arabia. In the framework of Jeddah 
Stormwater Drainage Program and Masterplan, a new pump station known as Al-Salam 
Pump station, is planned to discharge the incoming flow from the storm water tunnel to the 
Red Sea via an outfall. The design and construction of the deep large-diameter shafts close to 
the sea as well as their intersection with the connecting tunnels involved several technical chal- 
lenges. Geotechnical analyses combined with advanced numerical methods were used for an 
optimized design. As an overall assessment, a Value Engineering study of the proposed solu- 
tion was carried out highlighting the Value Engineering Concepts, their technical evaluation 
and engineering development as well as cost, risk and sustainability impact on the project. 


1 INTRODUCTION 


One of the essential components of climate-change resilient cities is stormwater management. 
Urbanization and land use modification is often associated with replacement of natural pervi- 
ous areas with impervious surfaces resulting in changes in the characteristics of the surface 
runoff hydrograph (Goonetilleke et al., 2005), increasing stormwater runoff volumes and peak 
flows (Barbosa et al., 2012). In the absence of sufficient drainage system, cities are subject to 
urban flooding caused by extreme runoff with potential loss of life and property damage (Fer- 
nandez and Lutz, 2010, Weber, 2019, Anni et al., 2020). 

The climate change increases the risk of both sudden flooding and drought; further high- 
lighting the necessity of stormwater management. In this regards, underground solutions with 
network of smart tunnels and pumping stations are of a central role for urban resilience. 

The city of Jeddah in the Kingdom of Saudi Arabia is located with a generally dry region 
with infrequent rainfall patterns. In recent years, the city has experienced cases of sudden 
intensive rainstorms with urban floods, including 2009 floods with several casualties and sig- 
nificant damages (Subyani and Hajjar, 2016, Abu Abdullah et al., 2019, Farooq & Alluqmani, 
2021). With the aim of improving the safety and ensuring a long-term sustainable develop- 
ment, Jeddah Municipality is investing in Stormwater Drainage Program and Masterplan 
with major planning, engineering, and construction of network of tunnels and stormwater 
management infrastructure. A new pump station known as Al-Salam Pump station, is planned 
to discharge the incoming flow from the storm water tunnel to the Red Sea via an outfall. 
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Figure 1. Location of Al-Salam pump station (google.com/map). 


The masterplan included a preliminary design of the pumping station. Following tendering 
and award of the contract for construction, an alternative design of the underground struc- 
tures of the pumping station was proposed by the contractor. The objective of this study is to 
present the alternative design, in particular the shaft design, from the conceptual studies, con- 
struction methodology, numerical modelling and detailed design, until the value engineering. 


2 PROJECT DESCRIPTION 


2.1 Location and layout 


The Al-Salam Pump station is located in the Jeddah coastal zone and discharges the water from 
an incoming storm water tunnel into the Red sea. The area view of the site location is shown in 
Figure 1. The project is located in the urban area and thus, facing several constraints not only for 
design but also for logistics and construction works. The general layout of the pumping station, in 
the Revised Design (RD) proposed by the contractor, is shown in Figure 2. It foresees: 


— One circular deep wet well (area of 380 m2, hydraulic diameter of 22m and depth below 
ground 20m) equipped with four pumps. 

— One weir feed channel (L 63m, W 10m and depth below weir crest 7.5m) also with four 
pumps. 

— Two pumping channels. 

— Two gravity discharge channels. 


2.2 Geological et geotechnical condition 


Based on the geotechnical report, the stratigraphy in the Al-Salam Pumping Station site is 
mainly composed of: 
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— Top soil and backfill layer reaching down to the elevation +0.70 m MSL. 

A thin medium dense silty sand layer, around 1.30m thick. 

A substantial layer of loose/very loose clayey silty sands or sandy clays extending down to 

the bottom level of the return pool structure, i.e., -7.65 m MSL. 

— A thick deep layer of stiff to hard sandy fat/lean clay of a clear cohesive nature whose 
bottom elevation reaches -15.63 m MSL. 


Based on the in-situ and laboratory examinations, the geotechnical parameters of the soil 
layers are reported as listed in Table | along with the acronym adopted for each layer. 
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Figure 2. General layout of the pump station. 


Table 1. Geological layers and geotechnical properties. 


Bottom k Cu of yd yw E 
Soil layer Acronym mMSL m/s kPa ° kN/m? kN/m? MPa 
Engineering backfill BF 1.70 2.0E-06 0 35 18 20 50 
Top soil and backfill TS 0.50 2.0E-06 0 30 12 15 20 
Medium dense silty sand MDI -0.80  2.0E-06 0 32 17 18 20 
Very loose/loose clayey silty sand/ VLL -7.80 2.0E-05 10 20 14 17 2 
sandy clay 
Stiff to hard sandy fat/ lean clay Stiff -15.80 4.0E-06 40 25 16 18 20 
Medium dense to very dense silty sand MD2 -29.30 1.0E-07 0 36 19 19 40 
with traces of very weak sandstone 
Hard sandy silty clay/ clayey silty sand Hard -44.30 1.0E-07 15 33 18 20 35 
Poor limestone Breccia Breccia -54.30 1.0E-07 165 30 20 23 300 
Medium dense to dense clayey sand MD3 -58.30 1.0E-07 10 33 17 20 25 


k: permeability, Cu: undrained shear strength, of: Friction angle, yd: Dry density, yw: Unit weight, E: Young modulus 


2.3 Hydraulics and operational scenarios 


The hydraulics operation and design criteria of the pumping station, including the shaft, wet 
well and the channels, were defined in the preliminary design. The stormwater is collected by 
a network of tunnels and conveyed to the pumping station shaft through a main hydraulic 
tunnel. Water is then pumped from the shaft to the channels and basin before flowing into the 
sea via the outfall. 
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In the contractor’s alternative design, hydraulic studies were carried out to confirm and opti- 
mize the layout and the design of the pumping station, the foreseen equipment, and the oper- 
ation procedures from a hydraulic point of view. The hydraulic conditions, focusing on the 
streamlines, velocity vectors, water levels and shear stresses are analyzed by CFD modelling 
using the Flow-3D software. CFD models have been largely used to predict the flow patterns 
and optimize the hydrodynamic behavior in sumps and forebays of pumping stations. Results 
of these studies, presented in Amini et al. 2022, were used to finalize the geometry of the shaft 
and the basin and to proceed with the geotechnical and structural design and construction. 


Table 2. Proposed construction stages. 


Phase Description 


Surface preparation for jet grouting including superficial filling and/or dewatering as required. 
Jet grouting around the return pool excavation zone 

Implementing the shaft slurry walls and the head capping beam 

Excavation in return pool down to the elevation of the pool bottom slab. 

Starting deep pumping in the shaft 

Excavation in the shaft down to the elevation of the pool bottom slab 

Demolishing the separating slurry walls between pool and the shaft and installing struts 
Concrete works in the pool (walls and slab) 

Completing excavation in the shaft to the bottom level of shaft slab. 

10 Concreting the shaft bottom slab 

Excavation of the connection tunnel 

Concerting the shaft internal liner and pumping stoppage. 

Concrete work in the basin (walls and slab) — End of the construction 
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3 CONSTRUCTION METHODOLOGY 


3.1 Tender design and revised design 


The preliminary Tender Design (TD) for the basin area foresees an entire sheet piling confine- 
ment, and a full excavation down to the level of -9.50m MSL with foundation refilling using 
suitable soils. As an alternative, the Contractor proposes a Revised Design (RD) with (1) to 
use of soil improvement by jet grouting instead of what suggested in the project preliminary 
design considering improved properties: the compressive strength of the cement-based jet- 
grouted soil considered as 10 MPa, Young’s modulus and a Poisson’s ratio as 3000 MPa and 
0.3 respectively, and unit weight as 22 kN/m3., (ii) and to replace the rectangular pumping 
station shaft of the preliminary design by a circular shaft of same functionality. 
The cement-based jet grouting technique will have two effects: 


— Improving soil geomechanical characteristics and enhancing excavation stability, bearing 
capacity and avoiding excessive settlements 

— Reducing soil permeability minimizing the risks and expenses linked to the groundwater 
leakage into the earthwork area and subsequent dewatering. 


The circular shaft, 25.4m in external diameter, will be implemented using slurry walls of 1.2m 
thick. The depth is defined by the analysis presented in this report and found to be 37 m. The 
shaft will be covered by an internal reinforced concrete liner of 0.50m nominal thickness. 


3.2 Shaft construction stages 


The excavation in the shaft will be carried out down to its bottom (-18.5m MSL) using deep 
drainage pumping with no bottom plug, to drop groundwater table and keep it at the eleva- 
tion of -22m MSL. The lining and bottom slab is then constructed in the shaft (Figure 3). 
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Figure 3. Bottom slab concreting (left) and the general overview (right). (photo courtesy Abuljadayel 
Co. for Cont. & Maint.). 


4 NUMERCIAL MODELLING AND DESIGN 


4.1 Model set up 


To examine the shaft construction, a three-dimensional finite elements model simulating soil- 
structure interaction and underground seepage has been established by using ZSoil Finite Element 
package. This simulation aims at calculating the ground and the walls stresses and displacements. 

The model represents the project geometry as illustrated Figure 4. Given the project struc- 
tural symmetry, the simulation involves half of the project geometry. The slurry walls, 1.2m 
thick, constituting the circular shaft of 25.4m in external diameter, are modelled by solid finite 
elements and the dry joints between the panels are treated using cohesionless zero-thickness 
interface elements whose friction angle is set at 20°. 


Figure 4. Geometry of the FE model. 
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The analyses are first carried out with a diaphragm wall depth of 40m, to be adjusted based 
on obtained results. The shaft is covered by an internal reinforced concrete liner of 0.50m 
nominal thickness with concrete class C30/37. 

The connection hydraulic tunnel is of a 3.5m diameter. Its excavation is carried out in one 
step in its entire length, and the soil gradual deconfinement due to the front advancement is 
simulated indirectly through the confinement-convergence method by admitting a deconfine- 
ment ratio of 30% prior to the installation of the tunnel support/liner. 

The elastic-perfectly plastic Mohr-Coulomb constitutive law is used for ground layers. Con- 
crete is modelled using a linear elastic law. The Young’s modulus is reduced for slurry walls. 

The initial-boundary condition corresponds to a KO condition with hydrostatic under- 
ground water pressure calculated for the high tide groundwater elevation (+1.4 m MSL). 

A coupled hydro-mechanical is used at each calculation phase, pore pression is first evalu- 
ated automatically by the software hydraulic module according to the model geometry, soil 
permeability, and the pressure boundary condition. The calculated pressure is then used in the 
mechanical module to obtain soil effective stress based on the soil parameters. 

Soil-structure interaction is handled automatically by the software through simulating nat- 
ural concrete-soil contact by using zero-thickness interface elements whose friction angle is 
taken 2/3 of that of the adjacent soil and whose cohesion is null. 

The joint between the panels is also dealt using the zero-thickness cohesionless interface 
elements whose friction angle is taken 20°, as suggested by suggestions in ASSHTO 2007. 


Figure 5. Vertical displacements at the end of excavation. 


Excavation depth [m] 
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Figure 6. Hydraulic head as calculated at the end of excavation (left) & Variation of safety factor 
against piping with respect to depth of excavation (right). 
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4.2 Model results & design 


Numerical results provided information both for the geomechanical behavior of the shaft in 
interaction with the surrounding ground, and the structural safety of the shaft components 
including the slurry wall and the bottom slab. Figure 5 shows the vertical displacements at the 
end of excavation. The obtained displacements are withing the acceptable values with limited 
plastic zones around the shaft and close to the surface. The presented modelling and calcula- 
tions approved the stability and the safety of the proposed shaft structure design. The circular 
shape of the shaft allows an optimized design of the diaphragm wall panels. No abnormal 
stress concentration is seen in load carry body. Displacements are also limited guarantying the 
serviceability of the structure. 

Explicit seepage analyses were carried out to assess the safety of excavation and evaluate 
the risk of piping. The construction methodology foresees deep drainage holes to keep the 
water level inside the shaft always below the excavation level. Accordingly, the hydraulic gra- 
dient increases with excavation depth, approaching the critical hydraulic gradient and redu- 
cing the safety factor. Results are presented in Figure 6. These results suggest that the 
drawdown can be delayed at least until when the excavation reaches the elevation of -8m 
MSL and only for the last 10m the drainage wells are needed. 


5 VALUE ENGINNERING 


5.1 Value Engineering Change Proposal (VECP) 


Based on the technical studies, a Value Engineering (VE) Study has been carried presenting 
the concepts, evaluation, and developments of a Value Engineering Change Proposal (VECP). 
It highlights the VE concepts and ideas, their technical evaluation and engineering develop- 
ment as well as cost, risk, and sustainability impact on the project. 


Table 3. VE concepts applicable to revised design. 


VE Concept Description Construction approach 
Shaft VELI- Circular shaft without struts Circular shape for the shaft 
Circular shaft and frames instead of rect- Construction using Diaphragm walls 
angular shaft Reinforced concrete internal lining 


Water control using deep drainage holes 


VE2 - Reinforced concrete lining Cast in place reinforced concrete 
Reinforced con- 500 mm thickness instead of 
crete lining shotcreting 

Basin VE3- Foundation soil improve- Replacement of the surface soil layer 
Jet grouting in ment using jet grouting Systematic jet grouting in the basin area 
the basin area instead of soil replacement 


Table 4. Technical evaluation of VE concepts. 


VE Concept Description Advantages & Justification 

Shaft VEL1- Circular shaft without struts and Increased rigidity and stability thanks to the 
Circular frames instead of rectangular shaft hoop effect in the circular form without need 
shaft for additional stabilizing measures such as 


struts and frames. 

Larger storage volume 

Systematic jet grouting not required for DW 
(Continued ) 
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Table 4. (Continued) 


VE Concept Description Advantages & Justification 
VE2 - Reinforced concrete lining 500 mm Increased durability and structure life 
Reinforced thickness instead of shotcreting Decreasing the operation cots due to miti- 
concrete gated leakage risks 
lining 

Basin VE3 - Foundation soil improvement Improved soil geomechanical characteristics 
Jet grouting using jet grouting instead of soil enhancing bearing capacity 
in the basin replacement avoiding excessive excavation in the depths 
area and area 


avoiding risks of complicated dewatering and 
flood control measures 

Avoiding risks associated with failure of 
sheetpiling 

Significant reduction f permeability around 
the basin and minimising the risks linked to 
the groundwater leakage into the basin area 
Reduced HSE issues 


The VECP considers the Revised Design (RD) proposed by the contractor as an alter- 
native to the rectangular base Tender Design (TD). The VE process seeks to improve 
the value of the project by evaluating the functions of various project components and 
determining whether alternative design can be used to achieve the same functions at an 
overall higher benefit in terms of cost, risk and sustainability. It looks to the project 
effectiveness with cost and risk considerations and examines the performance of RD 
alternative compared to TD alternative. 


5.2 VE concepts 


To identify the value engineering concepts, both the construction and operation aspects are 
considred. In one hand, saving, safety and optimisation of construction methods and on the 
other hand the sustainability and enhanced operation is sought. Table below summarizes the 
value engineering concepts applicable to Revised Design. 


5.3 Technical evaluation and engineering support 


The VE concepts of the RD presented above are examined for their technical feasibility, 
justification and advantageous compared to TD. Based on the analyses presented previ- 
ously, the Table below summarize the main aspect of the technical evaluation and the 
corresponding justification and advantageous in general terms. 


5.4 Cost, risk and sustainability 


As a next step in the development of VE concepts, the cost impacts of the VE concepts applic- 
able to RD are compared to the base Billl of Quantity of TD. Despite variation in costs of 
different components, the overall project cost is comparable with the TD and RD. 

In parallel with the cost impacts, the risk and sustainability impacts of the VE concepts 
applicable to RD are compared to that of the TD. Major risks such as soil improvement 
quality, excavation stability and vertical deviation of diaphragm wall are either eliminated 
or significantly reduced in the RD. In terms of sustainability, the RD exhibits improvements 
by reducing the volume of excavation and construction material, as well as simplifying the 
construction works in an urban area. 
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6 CONCLUSIONS 


Underground space provides a sustainable solution for stormwater management infrastruc- 
tures and development of climate-change resilient cities. This paper presented the technical 
challenges in design and construction of a storm water facility and pumping station in the city 
of Jeddah. Overall, the presented modelling and calculations approved the stability and the 
safety of the proposed shaft structure design. A Value Engineering Study was carried out to 
compare the the revised design proposed by the contractor compared to the base tender 
design. The study shows that, compared to the tender design, the proposed design suggests 
significant benefits in terms of cost, risk and sustainability. 
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ABSTRACT: In the 21* century, selection of a best infrastructure alternative became prom- 
inent for all public sector projects. Initially, such selection was using the well-established for 
assessment of most profitable private investments, the cost-benefit approach. Criticized for 
insufficient inclusion of project social and ecological effects, this approach was later replaced 
with variety of multi-criteria-based methods. An overview of both approaches identifies their 
advantages and potential burdens for fair assessment of economical, social, and ecological 
effects. All analyses are supported by world-wide practical examples with emphasis on histor- 
ical tunnelling projects from Greater Toronto (Canada). Relying on some findings by Canad- 
ian and Australian scholars and the results of their own research, the authors develop an 
enhancement to the conventional cost-benefit approach to ensure selection of fact-proven 
most sustainable alternatives. As demonstrated, application of this methodology can reduce 
infrastructure planning timeline, also working toward its better sustainability and helping 
with achievement of the United Nations’ Sustainable Development Goals. 


1 INTRODUCTION 


According to (European Union, 2017), sustainable development should meet “the needs of the 
present without compromising the ability of future generations to meet their own needs”. Sus- 
tainable development can be only achieved via the most sustainable infrastructure options 
selected following the principles of sustainability formed on the three pillars of economy, soci- 
ety, and ecology. However, the current, world-wide popular infrastructure selection methods 
for selection of best alternatives are focused on financial profitability and social and ecological 
feasibilities, which may not always correspond to the most sustainable alternatives. In add- 
ition, as per recent findings by Canadian and United Kingdom scholars (Saxe et al., 2021), the 
average pre-construction timeline on 26 historical Toronto and London public transportation 
projects accounts for 28 years, which is almost 4.5 times longer than their average construc- 
tion of about 6 years. Unfortunately, any prolongation of a pre-delivery (pre-construction 
and construction) timeline always corresponds with additional natural resources, delayed 
essential to the public services and thus, postponed regional economic growth. However, the 
constantly extending pre-delivery timeline of public sector infrastructure projects is not yet 
recognized as a negative long-term sustainability factor. By fairly acknowledging the above, 
the focus on optimization of pre-delivery timelines becomes evident. As such, this study 
focuses on improvement of the existing infrastructure selection methodology that would allow 
coherent selection of the financially best and technologically most sustainable options signifi- 
cantly optimizing their pre-delivery timelines. The authors believe that the study’s results will 
improve each infrastructure long-term sustainability leading toward more sustainable future 
development. 
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2 POPULAR APPROACHES FOR SELECTION OF BEST INFRASCTRUCTURE 
ALTERNATIVES 


2.1 Cost-benefit approach 


Cost-Benefit-based methodology (CBBM), including Cost Benefit Analysis (CBA) and Cost- 
Benefit Ratio (CBR), was first introduced in the mid-19"* century (Couture et al., 2016) for 
analyses of private investments into natural resource exploration projects. This method 
remains prominent in the private sector. With introduction of federal policies, the method 
became dominant for assessment of public sector infrastructure investments. In Canada, CBA 
Guide (Treasury Board, 2007) was adopted as a federal policy in 2007, seven years later than 
in the United Sates (US) and two years after Australia and European Union. 

As per (Meyer & Miller, 2001), selection of best alternatives using the Cost-Benefit approach, 
particularly for public transport project, includes the following steps: 1) establishment of an 
evaluation procedure, length of an appraisal term and a baseline (base case/do nothing), 2) Cost 
(C) and Benefits (B) quantification for each alternative over the established appraisal term, 3) 
reduction of quantified C and B to their “present values” using “time-value of money” discount- 
ing rates and 4) comparison of C and B “present values” against the baseline scenario. Various 
appraisal terms and discounting rates (Table 1) outline the different development strategies 
adopted in different countries for their public transport and other infrastructure. For instance, 
the incredibly long appraisal term and relatively low discounting rate by UK Transportation 
(HM Treasury, 2021) should boost the country-wide public transport development, where the 
relatively short appraisal term and high discounting rate should have an opposite effect on US 
Transport (US Department of Transportation, 2018) and Canadian infrastructure development. 


Table 1. Cost-benefit major factors in different countries and for different projects. 


Canada Ontario United Kingdom 
Recommended values US Transportation Infrastructure Transportation Transportation 
Appraisal term, years 20-30 20-30 25-30 60-100 
Discounting rate, % 7 8 5 3.7 


The CBBM greatest benefit is its well-structured procedure that allows direct comparison of 
the quantified B and C. Complete quantification of B and C makes this approach non- 
subjective and transparent for potential auditing. Although, this method is criticized for its 
inability to deal with i) macro-economic and ii) larger-areal impacts assessment (AECOM Ltd., 
2012), and for iii) inconsistent applications around the globe (Couture et al., 2016). Inaccuracy 
of the cost-benefit approach for more inclusive and cumulative environmental and social 
impacts, particularly on large scale transportation projects (Laird et al., 2014), is under ongoing 
improvements. Likewise, the tremendous effort of a well-recognized transportation expert Todd 
Litman over his entire career aims to enhance the cost-benefit with more reliable and better 
quantifiable C and B accounts (Litman, 2021). 


2.2 Multi-criteria approach 


The shift to multi-criteria/accounts approach for selection of best public infrastructure alter- 
natives (Couture et al., 2016) was intended to achieve a more inclusive project interpretation 
through its extended social, ecological, and economical effects. Upon introduction, the multi- 
criteria approach was deemed more reliable for selection of the most sustainable infrastructure 
options. The method was formulated on the principles of cost-benefit approach for project 
description through quantifiable criteria, which were extended with qualifiable criteria. Qualifiable 
criteria and their scoring had to be developed for each project/alternative individually through 
consultation with small public groups and stakeholders, such as investors, land developers, areal 
residents, environmentalists, growth opposers etc. that have been affected or interested by a new 
infrastructure (Couture et al., 2016). 
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The main disadvantage of this methodology comes from its individual, project-customized 
application, with the assessment results generally being incompatible with other projects, and 
previous assessments are, thus, hard to audit. More precisely, the multi-criteria/accounts 
methodology is criticized for the opportunity for small social groups and individual stake- 
holders to influence the selection process with the choices benefiting those small groups rather 
than the society as a whole and leading to not overly sustainable options (Figure 1). More- 
over, the multi-criteria methodology (Wickens, 2020) is named as one of the main reasons for 
Toronto’s subway soaring costs. 


pe 
/ 

Vulnerability to “become part of a dangerous and 
secretive decision-based evidence-making scheme not 
always good for taxpayers’ money” 


Í Possibility for "selling pet political 
projects than ensuring value for the 
| public” 


F. Salvucci, Massachusetts Institute of 


n S. Munro, Toronto-based journalist 
Technology 


Figure 1. Multi-criteria/account methodology’s critics (Wickens, 2020). 


The detailed guidelines introduced by the public sector, such as by the Greater Toronto’s 
regional transportation planning agency, Metrolinx’s Business Case Guidance (Metrolinx, 
2021), aim to improve the multi-criteria approach for more consistent and comparable results. 
However, this guidance requires completion of the four progressive project-phase aligned 
(conceptual planning, preliminary design, detailed design, and post in-service) Business Case 
Analyses (BCAs) on each proposed public transit project in Greater Toronto and Hamilton 
Area (GTHA). With increasing the number of BCAs from one to four, the project’s timeline 
will extend, likely causing negative effects on overall long-term sustainability. 


3 GREATER TORONTO BRIEF SUBWAY HISTORY 


The database of all historical and soon-to-open subway and rapid transit projects in Greater 
Toronto was compiled using different open sources, including Toronto Transit Commission’s 
website (www.transittoronto.ca), dissertations and reports (Alcock, 2021; Levy, 2014; Schabas, 
2013; Young, 2012). All historical costs expressed in Canadian dollars were adjusted to 2022 
values using the Bank of Canada inflation calculator (www.bankofcanada.ca/rates/related/infla 
tion-calculator). The database was analyzed relatively to each project’s lifespan split between 
pre-construction, construction, and operation. Also, each project was analyzed relatively to its 
construction cost excluding the cost of fleet. Results of the analyses are summarized in Figure 2. 
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Figure 2. Greater Toronto rapid transit projects. 
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For easy comparison, all costs are expressed in Linear Unit Cost (6CAD 2022 million/km) 
obtained from each project capital cost divided by its length (kilometers). Each project is 
marked with the rounded number of the constructed kilometers and the year-in-service, which 
allows tracking its brief scope and the pre-delivery historical timeline, including its pre- 
construction (planning and approval) and construction (design, field investigations, construc- 
tion, and commissioning) periods. As seen, Linear Unit Cost around $100 million/km was 
pretty much stable on all projects in 20" century rising in the 21* century. Its maximum of 
$433 million/km was reached on the Toronto-York-Spadina subway line delivered in 2017 as 
the first subway extension outside of the City of Toronto municipal boundaries into the 
Greater Toronto area (Municipality of York Region). Interestingly, there is a visible correl- 
ation between the cost rising trend and duration of pre-delivery (pre-construction and con- 
struction) timelines. The pre-delivery timelines on most projects in 20" century varied from 5 
to 8 years. They have significantly grown in 21* century reaching 15.5 years on average. This 
finding is consistent with the previously stated hypothesis that any optimization on a project 
pre-delivery timeline can improve its long-term sustainability, particularly as demonstrated by 
this example, through reduction of its capital cost. 


3.1 Eglinton Crosstown light rail transit and scarborough subway extension 


Selection of the Eglinton Crosstown best alternative (labelled 19 km 2022 in Figure 2) was 
accompanied with two progressive Benefits Case Analysis Reports (Steer Davies Gleave, 2009, 
2012). As a result, the Light Rail Transit technology with 25 passenger stations constructed 
over 10 km by “mechanized tunnelling” and 9 km by “at-grade” constructions was selected. 
The 9 km “at-grade” section was justified with its relatively lower construction cost and higher 
construction pace to offset the more expensive and comprehensive underground tunnelling 
along the 10 km stretch. To-date, the tunnelling section was completed in less than four years 
(2012-2016) and “at-grade” constructions are still ongoing. Given multiple construction delays 
including the Covid-19 pandemic response, the current capital cost has grown by 65% (Alcock, 
2021; Metrolinx, 2022). Unfortunately, such cost rise and extension to more than 10 years con- 
struction time were not accounted as part of the multi-criteria assessments’ stress testing and/or 
sensitivity analyses, which proper allocation could lead to different selection results. 

Following the first edition of the Business Case Guidance (Metrolinx, 2021), the second 
Business Case Analysis (BCA) aligned with preliminary design was filed on the Scarborough 
Subway Extension in 2020 (Metrolinx Infrastructure Ontario, 2020). The first BCA (Toronto 
Transit Commission, 2016) did not identify the 7.9 km subway with 3 new passenger stations 
as the best alternative. However, this alternative was moved forward for more detailed ana- 
lysis in the second BCA. As stated in both BCAs, upon subway completion, the existing at- 
grade rail tracks (labeled as 7 km 1985 in Figure 2) within the fully segregated transit corridor 
will be demolished. Replacement of at-grade transit line with underground subway (to be tun- 
neled) will end its operation lasting for only 37 years. With most Toronto subway lines built 
underground outlasting this at-grade line, their better long-term sustainability is quite evident. 
For instance, first Toronto subway (1954 in Figure 2), in March 2022, has celebrated its 68 
years in service while remaining the busiest route in Toronto. 

These two projects demonstrate a perfect example on the inconsistency of the multi-criteria 
produced results: 1) preference of 9 km “at-grade” along the busiest in Toronto, Eglinton 
Street, conflicts with 2) replacement of the existing “at-grade” fully segregated transit corridor 
with a subway. Evidently, an improvement to the infrastructure selection methodology is 
necessary to produce better comparable and consistently justifiable selection results. 


4 SUSTAINABILITY 


Sustainable urban development (European Union, 2017) is formulated on the principles of 
sustainability as a compromise between the three fundamental sustainability dimensions: 
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economy, society, and ecology. Sustainable development, according to (Cepeliauskaite, 2020) 
is understood as a long-term economically and environmentally stable system, which is impossible 
without integration of social, economic, and environmental elements into the decision-making 
process. As discussed, the public sector reliance on the multi-criteria/accounts methodology 
may be a step away from more sustainable development. The focus on the fully quantifiable 
cost-benefit methodology enhanced with more criteria that would allow selection of truly 
sustainable infrastructure options is imperative to support sustainable infrastructures and 
sustainable future development. 


4.1 Sustainable means the most environmentally friendly 


In many countries including US and Canada, the public sector projects require a more 
detailed Environmental Assessment (EA) and approval conducted in addition to selection of 
the financially and technologically best infrastructure alternatives. With the Ontario EA Act 
introduced in 1990, the pre-construction (planning and approval) timeline on the two subway 
projects initiated in 1996 and 2002 (Figure 2) took enormously long: 16 and 11 years respect- 
ively. Further analysis of the EA durations relatively to their construction timelines is con- 
ducted using the previously compiled database (Kondrachova & Gaspari, 2021) on the 
Greater Toronto projects (water, wastewater, energy, air, transit etc.) constructed 1990-2020. 
Duration timelines available on 22 tunnelling projects constructed by open face and closed 
face tunnel boring machines and by slurry operated micro-tunnelling machines were aligned 
with the excavated volumes (Figure 3) used for indication of a project’s scope and complexity. 
For tracking historical timelines, each project is marked with the year of EA initiation. As 
seen, on most (14) projects, the EA varied from 3 to 12 years versus their constructions requir- 
ing only from 1 to a maximum of 6 years. Also, EA durations correlate with the volumes of 
excavated soils. Thus, by inclusion of excavated volumes into selection of best infrastructure 
alternatives can help with least disruptive and therefore, the most environmentally friendly 
infrastructure options. In turn, the pre-construction timelines can be optimized by 3-5 years if 
EA approval step is eliminated and being reliably replaced through the novel harmonized 
selection technique. 
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Figure 3. Environmental assessment and construction durations versus excavated soils on Greater Tor- 
onto’s tunnelling projects (1990-2020). 


4.2 Sustainability assessments 


Following the triple-bottom (ecology, society, economy) sustainability extended with 
a fourth “transportation system effectiveness” dimension, a new methodology by Univer- 
sity of Calgary (Miller et al., 2016) has identified 29 fully quantifiable indicators for 
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assessment of public transit long-term sustainability. The methodology was subsequently 
tested for selection of the most sustainable alternative for the Vancouver Broadway Cor- 
ridor project. As part of the exercise, it was revealed that, unfortunately, not all 29 indi- 
cators could be reliably quantified due to existing data shortages. However, even with 
application of 10 indicators, the obtained sustainability results demonstrated less than 
1% (within potential error) difference between the proposed “underground subway” and 
“subway and LRT combo” alternatives. Applying 15 indicators, this method was suc- 
cessfully tested by Australian scholars (de Gruyter et al., 2016) for sustainability assess- 
ment of the existing public transportation systems across eight world-wide regions with 
emphasis on 26 Asian and Middle Eastern cities. 


4.3 A novel harmonized selection methodology 


Some of the discussed in above 29 sustainable indicators (Miller et al., 2016), such as emis- 
sions, annual operating cost, capital cost, cost of fleet etc. have been historically used for con- 
ventional cost-benefit methodology. Thus, integration of cost-benefit with the sustainability 
assessment methodology (Section 4.2) is feasible. Following all prior observations outlined in 
this article, a new harmonized selection methodology formed on the 16 fully quantifiable indi- 
cators (Table 2) is proposed. The new methodology utilizes the best practices of cost-benefit 
methodology, including all four selection steps (Section 2.1). For quantification of each indi- 
cator, the historically proven data, and the metadata (operation cost, transit riders etc.) cur- 
rently collected by many public and private agencies should be utilized. The obtained values 
for each sustainability indicator need to be normalized by expressing each value as a score out 
of 100 relatively to the summoned value among all analyzed alternatives. Such normalization 
allows expression of different units in a normalized non-unit form, which then can be com- 
bined for gaining of each alternative’s overall score. Overall score is a result of all “the lower - 
the better” (emissions, capital cost, surface area consumed etc.) positive value indicators 
deducted by “the higher - the better” negative value indicators (ridership revenues, # of jobs, 
daily savings etc.). Alternative with the lowest overall score becomes the most sustainable. 


Table 2. Indicators for harmonized selection of long-term most sustainable alternatives. 


ID Indicator title Units 


Ecology 
El Energy consumed (including fuel) Mj 
E2 Mass of total pollutants/emissions Kt 
E3 Surface area consumed m? 
E4 Volume of all removals (soils, rocks, water, trees, concrete, pipes, structures etc.) m? 
ES Volume of all recycling and natural restorations m? 
E6 Permanent loss by nature m? 
Economy 
EC1 Total cost (Planning, Approval, Design, Construction, Monitoring, Commission, financing) $, B 
EC2 Total fleet cost (same as in above) $, B 
EC3 Long-term operational cost $, B 
EC4 Long-term ridership revenues $, B 
EC5 Construction growth (# of new jobs, new businesses, new residents) # 
EC6 Long-term growth (same as above) # 
Society 
S1 Daily money savings (car versus transit) per person $ 
S2 Daily time savings (car versus transit) per person min 
S3 Daily deaths # 


S4 Daily accidents 
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Table 3. Selection of most sustainable UTM rapid transit alternative. 


6.5m 
Indicator Cut and cover Score At grade Score EPBM Score 13mEPBM Score 
CO, ', Kt 1,049 22 1,179 25 1,049 22 1,514 32 
Land’, m? 2,500 1 304,500 98 2,500 1 2,500 1 
Removals’, m? 2,933,816 47 1,440,450 23 720,152 12 1,166,344 19 
Ecology loss*, m° 0 0 100,000 100 0 0 0 0 
Capital Cost’, $B 6.55 38 2.25 13 3.28 19 5.15 30 
O & Mcost®, $B 3.48 15 9.41 40 6.97 30 3.48 15 
Revenues’, $B 5.9 -26 4.72 -21 5.9 -26 59 -26 
Short-term jobs, # 39,020 -26 25,000 -17 39,020 -26 46,824 -31 
New jobs®, # 659,967 -26 527,974 -21 659,967 -26 659,967 -26 
Daily savings’, $/person 32 -25 32 -25 32 -25 32 -25 
Daily commute”, min 96 24 109 27 96 24 96 24 
Overall score Rank #1 4 Rank #2 11 


‘all emissions estimated over construction plus over 50-year operation 

“land permanently occupied by transport 

3all removals including excavated soils, groundwater, surface water, existing buildings, and infrastructures 
(roads, pipes, cables etc.) minus back-fills 

4non-restorable environmental (fauna and flora) losses 

Stotal cost including 4-year planning, 5-year approval with property acquisition, design, and construction with 
6-year contract management, 15-year financing at 5.78% annual borrowing rate is summarized and adjusted by 
25% contingency 

Toronto Transit Commission (TTC) annual operation and maintenance cost is first adjusted by 2.5% for annual 
inflation incrementally over 50-year term, summarized and then additionally adjusted for 25% contingency 

Tusing TTC’s 2021 annual ridership (24% of pre-covid), the obtained daily trips for subway and street cars are multi- 
plied by 365 and by 2 (for conservative post-covid scenario), adjusted incrementally over 50-year term by 1% annul 
population growth in Greater Toronto and multiplied by the assumed $2.50 transit fee; the relatively low transit 
fee and neglection of 2.5% annual inflation over entire 50-year term are applied to ensure additional contingency 

Susing the TTC’s November 2007 Report and the assumption of 100,000 local population, the obtained annual 
number of permanent jobs is adjusted by 1% population growth for every 5 years over 50-year term and 
summarized 

difference between daily car cost ($35,000 car to last for 5 years with 65 km daily commute, $8 daily parking 
fee and 0.07$/km maintenance cost as per Metrolinx BCA Manual) and daily transit cost (PRESTO $143/ 
month divided by 21 business days) 

‘includes 35 min walking distance, time on transit plus 6 min contingency each way 


This new harmonized selection methodology was introduced at Tunneling Association of 
Canada annual conference in November 2022 (Kondrachova & Grasselli, 2022). The method- 
ology was tested on the University Toronto of Mississauga Rapid Transit (UTMRT) concepted 
at University of Toronto with industry input (Kondrachova et al., 2022). Using the fact-proven 
historical data and TTC operational statistics, the 11 harmonized indicators from Table 2 have 
been identified for selection of UTMRT most sustainable alternative inclusive to its construc- 
tion and long-term operation. Following the best geographical alignment proven through plan- 
ning and pre-design as the cheapest and most beneficial to the local and the larger scale 
economy growth, the four UTMRT alternatives were established according to different con- 
struction techniques: 1) cut and cover, 2) at-grade, 3) 6.5 m diameter twin tunnelling by earth- 
pressure boring machines (EPBM) and 4) 13 m diameter one pass EPBM tunnelling. The results 
(Table 3) reveal the 6.5 m EPBM twin tunnelling as the UTMRT most sustainable alternative. 


5 CONCLUSIONS 
Infrastructure pre-construction timelines on public sector projects are lengthy. They keep 


rising, particularly in the 21* century with the requirement for selection of the best (financially 
and technically) alternative and introduction of more focused environmental assessment 
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regulations. Often, they exceed the construction timelines. Pre-construction durations depend 
on effectiveness of project planning and approval inclusive to selection of its best alternatives 
and completion of environmental assessments. 

As demonstrated, the existing infrastructure selection methods have negative implications 
on the pre-construction timelines, and they do not support selection of truly sustainable alter- 
natives. Introduction of a novel harmonized methodology strictly following the three funda- 
mental sustainability dimensions: ecology, economy, and society would allow selection of the 
most sustainable and thus, the most environmentally friendly infrastructure options. As 
a result, lengthy environmental assessments can be excluded, as a duplicative approval step, 
reducing the pre-construction timelines by about 3-5 years. Moreover, utilizing the best prac- 
tices of the cost-benefit methodology, the new harmonized selection methodology, being fully 
quantifiable and thus not-subjective, well-structured, and easy to audit procedure, will provide 
an imperative step toward more sustainable infrastructure, leading to truly sustainable future 
development. 
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ABSTRACT: Rock tunnels are generally considered to be strong structures against earth- 
quakes compared to surface structures. In recent years in Japan, however, several severe dam- 
ages such as the collapse of lining have occurred due to direct earthquakes. For road tunnel 
owners and users, such damage is unacceptable and countermeasures are required. On the other 
hand, due to budgetary constraints, it is impossible to take large-scale measures for all tunnels. 
The authors therefore have reviewed the severe tunnel damage by earthquake, conducted 
dynamic measurement in actual tunnels, and examined effective countermeasures against large 
earthquake through laboratory test and numerical analysis. As a result, ground conditions that 
are prone to be affected by the earthquake are proposed. It is also proposed that reinforcing bar 
in permanent lining concrete is effective to avoid collapse of a large mass of lining concrete. 


1 INTRODUCTION 


Rock tunnels are generally considered to be strong structures against earthquakes compared to 
other surface structures. In Japan, permanent lining is generally made of plain concrete in normal 
ground conditions, though the lining in portal areas and other very poor ground conditions is 
reinforced with steel bars mainly to cope with uncertain external forces but also in anticipation of 
earthquakes. However, even rock tunnels in normal ground conditions are not completely 
immune to earthquake damage. In recent years, several severe damages such as the collapse of 
plain concrete lining have occurred due to direct earthquakes. For road tunnel owners and users, 
such damage is unacceptable and countermeasures are required. On the other hand, due to 
budgetary constraints, it is impossible to take large-scale measures for all tunnels. The authors 
therefore reviewed the earthquake damage in Japan and some other countries so far and examined 
the conditions of tunnels that are susceptible to earthquakes. In addition, dynamic measurements 
were conducted in actual tunnels to understand the mode and magnitude of the acting load during 
some earthquakes. Furthermore, the effects of countermeasures such as additional lining and add- 
itional rockbolts were verified by model experiments and numerical analysis. 


2 ROAD TUNNEL STRUCTURE IN JAPAN 


2.1 Number of road tunnels 

In Japan, full-fledged road tunnels have been constructed since 1950s. Currently, total 
number of road tunnels are 10,846 and total length of them is 4,742 km as of April 2020 
(Figure 1). Most of them have been constructed by mountain tunneling method. Other 
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tunneling methods, including shield method, cut-and-cover method, immersing method, have 
also is used in urban area or harbor area, but the number is very limited for road tunnels. 
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Figure 1. Numbers and total length of road tunnels in Japan. 


2.2 Standard tunnel structure 


The technical standard for road tunnel in Japan was established in 1962, and has been revised 
several times since then. Most of the road tunnels in Japan have been constructed with con- 
ventional tunneling method. 

Before 1980s, the steel-arch-support and lagging method was commonly used. An example 
of tunnel shape at that time is illustrated in Figure 2(a). Although arched steel supports and 
wooden laggings are installed right after the excavation, permanent support effect is not 
expected. Permanent lining made of plain concrete was used expecting to secure the long-term 
load bearing function, and usually designed with a thickness of 45 cm for fair ground or 
60 cm for poor ground. Inverted arch concrete is installed if the ground condition is not good. 
Void behind the lining is likely to occur during construction as well as insufficient thickness of 
lining around crown, and sometimes adversely affect load-bearing capacity. 

Since 1980s, sprayed concrete and rockbolts have been widely used for conventional tunnel- 
ing followed by permanent lining. This method has become the standard construction method 
for road tunnel (Japan Road Association, 2003) and is often called as the New Austrian Tun- 
neling Method (NATM) in Japan, as illustrated in Figure 2(b). Hereafter in this paper, this 
method is referred to as NATM. The specifications of the support are determined according 
to ground condition. A plane concrete lining with designed thickness of 30 cm is usually 
installed regardless of ground conditions, excepting very poor ones like portal area and loca- 
tions where the permanent lining is designed to resist external forces 

In such places as tunnel portal and extremely poor ground condition, some reinforcement 
like additional single steel bar for permanent lining have been taken to lower the risk of uncer- 
tainty like earthquake, regardless of the construction method. But in general, no special seis- 
mic measures have been applied until recently. 


Sprayed concrete, 
Steel arch support 


Permanent lining 


Permanent lining 


MEH HEI 


(a) Steel-arch-support and lagging method (before 1980s) (b) NATM (after 1980s) 
Figure 2. Examples of typical tunnel shape in Japan. 
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3 SEISMIC DAMAGE OF ROAD TUNNELS 


3.1 Frequency of earthquakes 


The seismic intensity scale, defined by Japan Meteorological Agency (1996), is widely used in 
Japan to know shaking strength and measured all over the country. For example, in the inten- 
sity 6 lower, it is difficult to remain standing for human. In the intensity 6 upper and 7, it is 
impossible to remain standing or move without crawling and people may be thrown through 
the air. 

The scale can be quantitatively calculated from measured time history of acceleration as 
instrumental seismic intensity. It is determined mainly by duration time of the motion which 
exceeds a particular magnitude of acceleration. Detailed method of calculation is described in 
the JMA ministerial notification (JMA, 1996). 

Table 1 indicates the frequency of earthquake in Japan in recent five years. Terrible motions 
like six-plus or seven occur once every one or two years recently. 


Table 1. Frequency of earthquake Japan. 


JMA seismic intensity 


Year 1 2 3 4 5- 5+ 6- 6+ 7 Total 
2017 1324 519 142 32 4 4 0 0 0 2025 
2018 1379 544 178 67 7 2 1 0 1 2179 
2019 1015 391 118 31 6 0 2 1 0 1564 
2020 1138 412 119 38 6 1 0 0 0 1714 
2021 1584 605 181 44 4 5 0 1 0 2424 
2022* 948 368 107 29 5 5 1 1 0 1464 


* As of September 17 Data by the courtesy of Japan Meteorological Agency (JMA) 


3.2 Examples of severe tunnel damage 


Previous studies have shown that tunnels can be damaged by earthquakes if extremely bad 
conditions overlap, such as occurrence of strong earthquakes in the immediate vicinity of 
a tunnel and existence of very poor ground condition in the tunnel (eg. Asakura et al., 2001; 
Wang et al., 2001). This is supported by some actual cases including 1995 Great Hanshin- 
Awaji Earthquake (JSCE, 1999), 1999 Taiwan Chi-Chi Earthquake (Hashash et al., 2001), 
2004 Chuetsu Earthquake (Shimizu et al., 2005; Mashimo, 2005), and 2016 Kumamoto Earth- 
quake (Isago et al., 2018). Figure 3 shows the cases of particularly serious damages such as 
collapse of lining. 

Summarizing the severe tunnel damages suffered from these earthquakes, tunnel 
damage mode can be roughly categorized into eight types as shown in Figure 4 (PWRI, 
2007). Types I, II, and II are shoulder failure, crown failure, and sidewall failure associ- 
ated with shear deformation, horizontal compressive deformation, and vertical compres- 
sive deformation of the ground, respectively. Type IV are heaving by load from below. 
Type V illustrates lining failure induced by existing defects. In type VI, the failure of the 
lining occurs along a weak layer of the ground, a fault, etc. Types VII and VIII indicate 
that the tunnel fails circumferentially as the ground expands and contracts along the dir- 
ection of the tunnel axis. Although some of the mechanisms that generate these ground 
deformation modes have not been fully clarified, the lining cannot follow the deform- 
ation of the ground in any cases. In the cases where the lining collapsed, it is considered 
that axial compression failure, bending compression failure, or shear failure of the lining 
concrete is possible main cause of the collapse. 
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(a 


) Collapse of lining at Wanazu tunnel, 2004 (b) Collapse of lining at Tawarayama tunnel, 2016 


Figure 3. Examples of serious damages of road tunnels. 
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Figure 4. Key types of tunnel damage by earthquake. 


4 DYNAMIC MEASUREMENT AT ACTUAL TUNNELS 


4.1 Outline of the measurement 


Although the results from above case study is highly suggestive, there is insufficient data to 
make a quantitative evaluation. Therefore, the authors have conducted dynamic measure- 
ments in actual tunnels (Kusaka et.al,2012; Kusaka et.al., 2018). 

Table 2 shows the outline of the tunnels. Both are two-lane road tunnels constructed by 
NATM, located in earthquake prone area in Japan, and were chosen for the measurement. 
There was no extremely poor ground through the tunnels. 

Figure 5 outlines the measuring items. Strain meters were installed at crown, both shoulders 
and both sidewalls in the lining or on the lining. An acceleration meter was attached at side- 
wall in both tunnels as well as at the end of boring holes drilled from the tunnel in Tunnel 
A. Motion of ground surface was obtained by the K-net system, which is operated by 
National Research Institute for Earth Science and Disaster Resilience (NIED), Japan. 


4.2 Instrumental seismic intensity and lining strain 


Figure 6 shows the relationship between the seismic intensity inside the tunnel and that on the 
ground surface, suggesting that tunnels suffer from less shaking than ground surface 
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Table 2. Outline of dynamic measurement at existing tunnels. 


Item 


Tunnel A 


Tunnel B 


Tunnel name 

Place 

Administrator 

Size 

Length 

Completion year 
Construction method 
Main bedrock 
Overburden at measurement 
Ground class 
Measuring items 


Measuring period 


Shin-takaharama Tunnel 

Hiroo, Hokkaido pref., Japan 
Hokkaido RDB, MLIT 

Two lane road (SL width = 9.5m) 
2,438 m 

2016 

NATM 

Granodiorite/diorite 

200 m 

CII (fair) with slight fracture zone 
Acceleration at 


- tunnel 

- surrounding ground 

- ground surface (K-NET) 
Strain of the tunnel lining 
Since 2016 


K-net 


| 
® Acceleration meter 
| ® Strain meter 


Saint Juan Tunnel 

Ishinomaki, Miyagi pref., Japan 
Ishinomaki City 

Two lane road (SL width = 9.6m) 
689 m 

1996 

NATM 

Sand rock/shale 

40m 

DI (relatively poor) 
Acceleration at 

- tunnel 

- ground surface (K-NET) 
Strain of the lining surface 


Since 2011 


K-net measuring points are 6-13 km 
distant from tunnel A or B. 
Data by the courtesy of NIED. 


Outline of measurement items. 


Figure 5. 


structures. Although not indicated in the figure, the measurement results of the accelerometer 
at the end of the borehole revealed that the tunnel moves together with the surrounding 
ground without amplification during earthquakes (Kusaka et al., 2018). 

Figure 7 indicates the peak lining strain during some large earthquakes, taking the instru- 
mental seismic intensity in the tunnel on the horizontal axis. Lining strains were almost in the 
range of error under instrumental seismic intensity of 4. Also, they are in the elastic range 
even against the large earthquake such as instrumental seismic intensity of 5- at tunnel, while 
it was 6+ on the ground surface. According to a simple numerical analysis to reproduce the 
20x10° strain of the lining, the load acting on the lining is only about 20kPa. 

The results were mainly concluded as: 


— Seismic motion at tunnel is smaller than that on ground surface. 

— Seismic motion of ground around tunnel is almost the same with tunnel. 

— Strain of tunnel lining is in the elastic range even during large earthquake recording the 
seismic intensity of six-plus on the ground. 


Considering these findings, no additional countermeasure is needed for road tunnels in 
ordinal ground conditions. However, the measurements have been conducted only for normal 
ground condition. Further examination against tunnels in extremely poor ground conditions 
is needed. 
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Figure 6. Relationship of seismic intensity between inside the tunnel and on the ground surface. 
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Figure 7. Peak lining strain during earthquakes. 


5 DIFFICULTIES OF SEISMIC DESIGN TO MOUNTAIN TUNNELS 


The mechanism of seismic damage in mountain tunnels have not yet been fully understood. 
Based on the damage caused by earthquakes in the past, it is assumed that in areas where rela- 
tively large damage occurred, large deformation occurred in the ground due to the earth- 
quake, and the lining was unable to follow the deformation, resulting in compressive failure 
or other deformation of the lining. According to the results of a numerical analysis to repro- 
duce such damage, it is assumed that a load exceedingly at least 3D (D is the diameter of the 
tunnel) overburden load was applied as the external force during the earthquake (Kusaka 
et al., 2015). 

If the lining design is based on structural calculations to secure a specified safety factor 
against such loads, it is necessary to use high-strength concrete or increase the thickness of the 
lining. 

On the other hand, even if these measures are taken, it does not mean that the lining can 
follow the deformation of the ground during an earthquake. In addition, even if reinforcing 
bars or fiber sheets are attached to the lining as reinforcement measures, these are expected to 
act as tensile members, and it is difficult to expect them to suppress the compressive failure of 
the lining itself (Kusaka et al., 2014). Furthermore, even if fiber-reinforced concrete is used 
for the lining, it can be expected to be effective in preventing small-scale concrete pieces from 
falling, but if the lining fails and large deformation occurs, the adhesion between the fibers 
and concrete will be broken and the reinforcement effect will be lost. Therefore, it is difficult 
to expect that the concrete lining will be able to follow the deformation and prevent the col- 
lapse of large concrete masses. 

In other words, it is difficult to prevent the destruction of the lining itself against significant 
deformation from the ground during an earthquake. Therefore, it is important to ensure the 
mechanical stability of tunnels by means of supports and inverts, and at the same time to pre- 
vent the fall of large concrete masses even if the tunnel lining should fail. 
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6 PRACTICAL COUNTERMEASURES 


6.1. Ground conditions prone to earthquake damage 


An overview of earthquake damage to road tunnels in the past shows that severe damage, 
such as collapse of the tunnel lining, occurred only in a relatively small area near the active 
fault that was active to case earthquake. On the other hand, the extent of the damage is 
strongly related to the geological conditions, and it is considered that special geological condi- 
tions were inherent in the areas where the damage was extensive. The authors have proposed 
that special conditions of tunnels that are susceptible to earthquake damage (PWRI, 2017). 
The conditions include areas where: 


1) Construction was suspended for a long period of time due to a sudden large amount of 
water inflow, or equivalent. 

2) Construction was suspended for a long period of time due to significant collapse of the face 

3) Large-scale auxiliary methods were used during construction due to instability of the 
ground 

4) Two or more ranks of support patterns were changed due to a sudden change in the geo- 
logical conditions (except for the connection with the support pattern for portal area). 

5) The stiffness of the geology changes significantly longitudinally or transversely. 

6) Extreme uneven pressure is subjected. 

7) Overburden is extremely small. 

8) The ground class, which is commonly used for road tunnels in Japan (Japan Road Associ- 
ation, 2003), is evaluated as DII (very poor) or worse, including faults, fracture zones, etc. 


In terms of active faults, it is difficult to identify the location, timing of activity, and 
scale of the fault in the current technical situation. In addition, while active faults have 
a planar extent, tunnels are constructed in a linear shape. This circumstances remarks 
that it is difficult to completely avoid active faults in Japan, where there are many active 
faults, even if the planar or longitudinal alignment of tunnels could be slightly modified. 
Therefore, in order to reduce earthquake damage to mountain tunnels, it is one of the 
realistic solutions to try to understand the location of active faults at the planning and 
investigation stage, and to secure a separation between the tunnel and the fault to the 
extent possible. In addition, in areas where the ground conditions are poor due to past 
fault activity, design and construction should be carried out to ensure adequate support 
structures as described below. 


6.2 For newly-constructed tunnels 


Seismic design is used at special locations where it is known that the extremely soft ground 
will deform during an earthquake, causing the stresses in the lining to exceed the allowable 
values. This often results in the use of double-reinforced concrete lining structures. This point 
has been technically solved in certain level. 

On the other hand, tunnels constructed in bedrock, into which almost all road tunnels in 
Japan are categorized, have not yet been solved in terms of “seismic design”. It is difficult to 
prevent the failure of the lining itself against significant deformation from the ground that 
occurs during an earthquake. This is for the reasons described in the chapter 5. Number of 
tunnels must also be considered, since many tunnel exist and will continue to grow in Japan as 
described with Figure 1, and we do not have enough knowledge to set priority. Therefore, the 
principle of countermeasures against earthquake for tunnels is to ensure the mechanical stabil- 
ity of the tunnel by means of supports and inverts. At the same time, even if the lining con- 
crete should fail, the fall of large concrete blocks must be prevented, and one possible measure 
is to reinforce the lining with steel bars. Details of these ideas can be found in the reference 
(PWRI, 2017). 

In other words, the practical concept of the support structure of the tunnel in the section 
with the above-mentioned special conditions is as follows. 
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1) Install inverted arch concrete to make the tunnel a ring structure and to secure more mech- 
anically stability (Figure 8(a)). 

2) Apply sufficient support structure with sprayed concrete, steel arch supports, and rock 
bolts (Figure 8(b)). 

3) Take measures such as reinforcing the lining with a single bar to prevent a large blocks of 
lining concrete from collapsing, even if the lining is failed by a large earthquake 
(Figure 8(c)). 


(a) inverted arch concrete (b) sufficient supports (c) re-bar reinforcement 


Figure 8. Practical countermeasures for newly-constructed road tunnels. 


6.3 For existing tunnels 


In existing tunnels, most earthquake damage, to a greater or lesser extent, occurred in areas 
where defects had already been reported. The damage tends to be greater when there is a void 
behind the lining according to some numerical analyses (eg. Asakura et al., 2001). Therefore, 
for existing tunnels, it is effective also from the standpoint of seismic countermeasures to give 
priority to areas where defects have already occurred. In practice, the following items should 
be implemented when a tunnel is identified as having special conditions (PWRI, 2017). 


1) If a void behind lining exists, backfill grouting should be priority implemented (Figure 9). 
2) When defects or deformation are found, measures should be are implemented with priority, 
taking into account the cause of the defects or deformation and their progress. 


Ais} 
HAT 


Figure 9. An example of practical countermeasures for existing road tunnels. 


7 CONCLUSIONS 


This paper proposes a possible concept for seismic countermeasures for mountain road tun- 
nels based on the results of analysis of earthquake damage, dynamic measurements, and 
numerical analysis. 

To consider seismic countermeasures for road tunnels, it is more practical to prevent the 
fall of large concrete blocks even if lining should be failed, for example by reinforcing the 
lining with a single bar of steel, rather than preventing the fracture of the lining itself during 
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an earthquake in a newly constructed tunnel. For existing tunnels, it is important to minimize 
the influence of earthquakes by improving maintenance and management. This approach has 
been applied in many road tunnels in Japan since the Kumamoto earthquake in 2016. 

There have been fewer cases of earthquake damage in mountain tunnels than in other sur- 
face structures. The mechanisms of damage are not yet fully understood, and the seismic 
design system has not yet been fully established. Further study is required to establish the 
rational countermeasures to prevent the damage of tunnels during earthquake. 
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ABSTRACT: As cities have grown denser, it seemed only natural to extend skywards. How- 
ever, the sky is not the limit: Cities need to start looking downwards to adapt to new circum- 
stances and reach the next level of existence. Earth is our only home and that humankind 
faces enormous challenges. To overcome these challenges we need to focus on how spaces 
underground can contribute to more sustainable and resilient cities. At the same time we need 
to break out of our existing paradigms and transition to new ways for space use. The aim of 
paper is to describe a case study presenting the project of a Hypogeum stadium located into 
a desert area. The authors, through this project try to reply to above mentioned requirements. 


1 INTRODUCTION 


Rapid urbanization is a global phenomenon. In 2008, for the first time in human history, there 
were more urban dwellers than rural, and the trends show that this is not going to be reversed. 
The United Nations estimates that by 2030, over 60% of the global population of will be living in 
“megacities” (10+ million), large (5-10 million), medium (1-5 million), and smaller cities and peri- 
urban communities, increasingly concentrated in Asia, Africa, and Latin America. This fraction 
could rise to two thirds by 2050. The recent Intergovernmental Panel on Climate Change (IPCC) 
report on Human Settlements, Infrastructure and Spatial planning states that the expansion of 
urban areas (urban centres and suburbs) is on average twice as fast as the urban population 
growth, and that the anticipated growth in the first three decades of the 21st Century will be 
larger than the cumulative urban expansion in all of human history. (Lunardi et al., 2018). 

In 1950 about 65% of the population worldwide lived in rural settlements and 35% in cities 
and this number will be reversed by 2050, where 70% will be urban and 30% rural. Almost 
6 billion people will be living in urban areas by 2050. Figure 1 shows share of populations living 
in urban areas. 

The cities contribute to approximately 70% of global energy use and greenhouse gas emis- 
sions but only occupy 5% of the earth’s landmass. This is accompanied by the unprecedented 
increase in demand need for water, land, building material, food, pollution control measures 
and waste management from urban areas. Therefore, cities are constantly under pressure to 
provide better quality services, promote local economic competitiveness, improve service 
delivery, increase efficiency and reduce costs, increase effectiveness and productivity, address 
congestion and environmental issues. These pressures are motivating cities to turn to sustain- 
able and resilient solutions and experiment with various structure and infrastructure applica- 
tions. The objective of such a new “city model” is a complex process involving deep-rooted 
innovation with regard to: tangible and intangible infrastructures, the lifestyles of citizens; the 
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regeneration and design of public spaces, strategies and tools to develop the economy and the 
handling of complexities. 

Public administration on its own cannot transform the city, but it does have the task of cre- 
ating a favourable environment where the best and blue-chip players within its area work suc- 
cessfully towards common and shared goals. 
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Figure 1. Share of people living in urban areas, 2020 (Source Our World in Data, https://ourworldin 
data.org/urbanization). 


2 SUSTAINABLE AND RESILIENT CITY 


2.1 Definition 


There is no standardized, commonly accepted set of terminologies or definitions, which would 
help to aptly describe sustainable and resilient city. From a general point of view: 


e sustainable city is one designed to address social, environmental and economic impact 
through urban planning and city management. 

e resilient city is one that have the ability to absorb, recover and prepare for future shocks 
(economic, environmental, social & institutional) 


Good urban governance and sustainable development are closely interlinked. As such, 
urban resilience is viewed as an important outcome of good urban governance. Good urban 
governance is a multidimensional concept that focuses on the improvement of the quality of 
living conditions of local citizens. Cities face various adversities and challenges, such as unsus- 
tainable use of natural resources, rapid urbanization, disasters and effects of climate change. 
City resilience is an inclusive process that refers to a city’s ability to sustainably manage unex- 
pected and expected risk-related events. In addition, it includes a city’s capacity to adapt to 
future challenges from a strategic and spatial perspective. Figure 2a represents a macro per- 
spective of the requirements needed to ensure city sustainability and resilience. 

The term ‘resilient’ means possessing inner strength and resolve. Thus, a resilient city takes 
into consideration appropriate built form and physical infrastructure to be more resilient to 
the physical, social and economic challenges. For cities, resilience is enhanced by knowledge 
of risks and tools and resources available to confront threats and build on opportunities. 

Public works programmes may contribute to adaptation and disaster risk reduction through 
the construction of community assets that enhance resilience through better natural resource 
management and adaptation. 

The three ovals in Figure 2b highlights how resilience is also increasingly used as 
a “programmatic bridge” to help along the integration of short-term responsive intervention with 
longer-term development programmes. Understood in a linear way, the framework below sug- 
gests that managing for resilience requires directing a system in a way that promotes resistance in 
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a period of small disturbance, adaptation in a time of greater disturbance, and transformability 
when conditions are becoming unviable or unsustainable (Benè et al., 2018). 


2.2 Desert condition 


Despite the environmental implications, man’s dependence on non-renewable energy resources 
continues to increase. In most developed countries the equivalent of some three tons of oil per 
person is expended in a single year, some 40% of this energy is consumed for heating, cooling, 
and making buildings habitable. When the energy costs of building construction and materials, 
on the one hand, and urban transportation, on the other, are added to this basic load, it becomes 
clear that most of society’s energy use is influenced by architects, engineers and planners. 

Resilience Long term 


(addressing structural 
causes af vulnerability) 


Change 


Adaptive 


Flexibility $ 


Types of response 


Absorptive 
coping 
capacity 
(persistence 


Relief-to-devolopment continuum 


Stability 


Short term 
(reducing vulnerability) 


intensity of shock/stressor impact 
Mild Moderate Severe 


Figure 2. a) Factors leading to city resilience and sustainable development; b) The long-term vision for 
resilience (figure modified from Benè et al., 2018). 


The burden of resource use in buildings or urban settings can be minimized in many ways, and 
the first requirement is a basic understanding of climate and local conditions. This “bioclimatic” 
approach may be applied in the desert as elsewhere, and its pertinence is in fact amplified: 


e Often characterized as an “extreme” environment, the desert makes considerable inputs of 
natural resources, such as water and energy, necessary to provide acceptable levels of 
human comfort. 

e The opportunities for utilizing “natural energies”- solar radiation, night ventilation, evap- 
oration, or nocturnal sky radiation - are among the many passive systems and design strat- 
egies whose effectiveness is especially pronounced in an arid climate. 


With sparse population and low rates of development, arid regions have typically received little 
attention from planning professionals. This means that standard building methods are predomin- 
antly adapted for non-desert conditions. However, overcrowding in the heavily populated centers 
of many countries is causing intense pressure for the development of “peripheral” regions such as 
deserts - and accomplishing this in a sustainable manner is an imminent challenge. 


3 THE CASE STUDY OF A HYPOGEUM STADIUM IN A DESERT AREA 


As cities have grown denser, it seemed only natural to extend skywards. However, the sky is not 
the limit: cities need to start looking downwards to adapt to new circumstances and reach the 
next level of existence. Earth is our only home and that humankind faces enormous challenges. 
To overcome these challenges, we need to focus on how spaces underground can contribute to 
more sustainable and resilient cities (Broere, 2016). At the same time, we need to break out of 
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our existing paradigms and transition to new ways for space use (Lunardi et al., 2019). Figure 3 
summarizes underground use advantages. 

Large structures for sport competitions, such as football stadiums, are generally built on 
surface. Such condition determines some advantages, but also several disadvantages, which 
importance can vary considerably, depending on geographical location of the works. 

Other than occupation of public land areas that would be devoted to less environmental 
impacting uses, surface location exposes the structures and spectators to climatic conditions that 
could be very adverse. This disadvantage can be considered particularly relevant in desert area, 
where it is common to cope with large variations in temperature, various kinds of storms and 
aggressive atmosphere. The idea of a completely underground structure came up from such 
considerations. 

The fully underground location would allow to realize: 


facility suitable for all seasons, (control of internal temperature and humidity); 

structure characterized by manufacturing costs significantly lower than those of realized on 
surface, especially in good ground conditions; 

construction not exposed to aggressive weather conditions (structure durability increase); 

a sport facility which security/safety aspects are easier to be managed compared to similar 
surface-one; 

a suitable link with the existing underground transportation system, such as sub-way and 
underground parking system. 
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Figure 3. Underground use advantages. 


The case study presents the project of a Hypogeum Stadium located into a desert area. The 
project represents an example of a sustainable development of a resilient city infrastructure in 
a desert area. 


3.1 The case 


The aim of the case study is presenting how the development of strategies, supported by engin- 
eering technology, can integrate the use of underground space into the fabric of urban devel- 
opment. The objectives are: 


to optimize use of spatial resources in urban development for buildings, services and transport; 
to integrate use of facilities in spatial form; 
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* to provide sustainable development with minimal environmental impact; 

* to develop technologies to enhance opportunities for planning the use of underground 
space (e.g. underground mapping) 

e to develop engineering technologies for implementing the development of underground 
space for buildings, service facilitation and transport. 


It’s clear that the project of hypogeum stadium must be fitted in a general view 
through which the underground space became an integral part of urbanization process. 
Underground high-speed transportation connects the city, end-to-end, making travel 
simple and stress-free. By this way roads and streets above the ground are replaced by 
piazzas and walkable boulevards filled with parks and green spaces (see Figure 4). 
Subway and underground parking will be integrated with the hypogeum stadium. 


3.2 The project 


The Hypogeum Stadium (Figure 5), designed to last over time through the ages as part of the 
history, is characterized by some indisputable advantages: 


* control of temperature & humidity (aspect particularly relevant in case of desert area) 
* control of security 

* savings over surface-built solutions 

e low maintenance costs 

* high energy savings 


Al-enabled Ultra high-speed Next generation 
transport Transit freight operations 


Figure 4. Integrate use of underground space into the urban development. 


Figure 5. Rendering of the Hypogeum Stadium. 
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The stadium, totally underground (quarry-like), provides suitable dimensions in order 
to accommodate a football yard with 45’000+67°000 seated spectators, with grandstands 
and bleachers completely laying on the sound-ground, properly shaped according to the 
stadium design geometry. Entrances to the stadium are excavated from the surface, by 
shafts and tunnels directly connected to underground transport system, car-parking, road 
and highway system (Figures 6 and 7). 
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Figure 6. Hypogeum Stadium perspective view & general sections. 


The ceiling is constituted by a truss-structure simply resting on consolidated foundation 
ground, along the outer upper perimeter of the stadium. The ceiling, arranged with a central 
opening, gives light to the yard allowing exhausted air circulation thanks to convective 
motions; at the same time, during inactivity of the structure the central opening may be closed 
by a portion of sliding cover. 


3.3 Stadium level & zones descriptions 


There are mainly nine level within the stadium. Three are principally accessible by the public 
and the others are the domain of private membership or reserved entrance (Figure 7). 
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Figure 7. Hypogeum Stadium ground level view & functional sections. 
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Metro access level (Figure 7, bullet 3) and electric vehicles parking (Figure 7, zone 6.1) are 
the primary public entrance to the facility accommodating the public concourse and circula- 
tion areas. At the same level there is also the panoramic elevator (Figure 7, bullet 1) to sta- 
dium panoramic point of view (Figure 7, bullet 1). Only after the security control (Figure 7, 
zone 5) the public will have access to the stadium, merchandise shop, commercial shop, bar & 
restaurants (Figure 7, zone 7). 

The bottom levels are reserved to player, referees, medical office, FIFA office and cerimo- 
nies location. (Figure 7, zone 1 & 2). The upper levels are set out to house level media center 
(Figure 7, zone 3) and authority reserved area (Figure 7, zone 4.1 & 4.2). The authorities have 
a private area (Figure 8). 

Figure 9 shows Business area floor plan and Figure 10 shows Football field floor plan. 


3.4 The roof element and construction method 


The roof is made by means of a reticular system, with a main steel frame, placed in a radial 
direction, and “truss” plates resting on the main structure. The covered part also provides for 
the laying of a corrugated steel sheet and a concrete slab, in order to support a filling load, 
consisting of sand and gravel, so as to reconstitute the surrounding environment at ground 
level. The central part, which allows the entry of light, will be made of a double pneumatic 
membrane reinforced with a steel mesh. 

The excavation will be executed by drill&blast system if the works are located in rock- 
mass conditions (sound rock or weak-rock); if the stadium is located in poor soil, retain- 
ing structures, such as reinforced concrete diaphragm or piles, must be provided to guar- 
antee stable condition during excavation. The retaining structure will be used to support 
the internal structures too. Prefabricated system will be preferred, in order to speed up 
the construction process, both for bearing structures as well as for steps. If groundwater 
is present, waterproofing system will be placed by PVC membrane and geotextile; in 
poor soil the water pressure will be supported by the retaining system to avoid any seep- 
age effect with the risk of dragging materials. Otherwise, in rock-mass condition, 
a drainage system will be studied in order to collect water and to use it for washing and 
cooling needs. These are general consideration, which should be addressed in detail with 
reference to the real conditions of the jobsites. 
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Figure 11. Roof element: 3D view and structure details. 
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4 CONCLUSION 


While finding ways to help the planet is essential to sustainability, reducing costs and creating 
a vibrant culture for citizens are equally important.The paper explores how city’s structure 
and infrastructure play a fundamental role: the system itself must be sustainable and resilient, 
but it must also support economic, environmental and societal sustainability and resilience. 
All aspects of a nation’s economy, environment and society are enabled, either directly or 
indirectly, by structure and infrastructure. The ones with low sustainability and resilience 
jeopardises the short-term realization of all national strategic objectives and risks initiating 
a long-term downward spiral in which the cumulative impacts undermine the quality of life, 
reduce productivity and GDP, damage industry and investor confidence. System that is not 
sustainable and resilient is susceptible of damage with greater frequency, on a larger scale, 
with higher intensity, for longer durations and at a greater cost than its more sus-tainable and 
resilient counterparts, yet not all strategic challenges and hazards are known (such as natural 
disasters) or are easily predictable (such as climate change), making preparedness of infra- 
structure systems a potentially uncertain and expensive undertaking. For this reason, it is 
necessary to expand the concept of urbanization that provides for the use of underground 
space not limited to transport but as an integral part of a community social space. The 
authors, through the project of a Hypogeum Stadium, try to reply to above mentioned 
requirements. 
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ABSTRACT: The objective of ASPI Network’s Tunnel Renewal Strategy is the extension of 
tunnel linings’ life cycle (i.e., additional 50 years) through the construction of new, structurally 
autonomous shell structures, replacing the original linings and ensuring suitable performance 
under seismic events. Since there is the need to limit the impact on highway traffic, program 
implementation requires innovative technical and technological solutions, that is the optimiza- 
tion of structural interventions, the automation and speeding up of operations, the maximiza- 
tion of work productivity and flexibility in terms of sites and logistics in order to allow rapid job 
site start-up and dismantling, by only closing at night time. For the design of pilot interventions 
aimed at testing alternative technical solutions, following tunnels - built in the late 1950s and 
early 1970s - were identified: Castello 1 left (Highway A10 Genoa - Ventimiglia), San Fermo 
right (Highway A09 Milan - Como) and Colle Marino left (Highway A14 Bologna - Taranto). 
In all the cases, preservation of original intrados profile was planned (crown radius and plat- 
form width). In Castello 1 left and San Fermo right tunnels, the new shells remain within the 
original lining intrados profile, after partial milling or hydrodemolition (required in presence of 
temporary nailing or concrete containing asbestos fibers), while in Colle Marino left the new 
crown is inscribed in the existing one thanks to platform lowering 65cm, which was made pos- 
sible by the absence of altimetric constraints at tunnel portals. New shells consist of Steel Liner 
Plates in Castello 1 left, a high-performing shotcrete arch integrated with three-dimensional 
steel mesh panels (Ram-Arch system) in San Fermo right, and prefabricated arch slabs with 
rear concrete casting (on new cast in place invert) in Colle Marino left. 


1 INTRODUCTION 


The TRS defines ASPI’s strategic approach to address the modernization and renewal plan of 
the motorway asset, with specific reference to tunnels (about 600 tunnel-tubes on the net- 
work), in an organized manner. The TRS aims at the renewal of the design life of tunnels, by 
meeting a series of key requirements for the works and through the management of network 
operations, with a view to identifying the most suitable design solutions according to specific 
traffic conditions as well as the conditions of relevant construction sites. 

The main requirements defined in the TRS context are: 
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— safety for operation (in case of alternation of works/operation and/or works when there is 
traffic) 

— safety for workers (protection, mechanization) 

— minimization of impact on traffic (protection, mechanization) 

— rapidness of intervention (mechanization) 

— high structural performance (pre-casting operations, high-performing concrete mix, etc.) 

— installation of an effective and durable waterproofing system 

— sustainability (asset preservation, recycling, use of vehicles with low environmental impact, 
materials with low carbon footprint) 

— standardization of solutions. 


The TRS design solutions are based on the construction of a new lining that is structurally 
independent from original one, which shall be partially demolished, without the reduction of 
the inner profile of the tube or even with an increase of the profile itself in order to ensure 
compliance with the minimum cross section necessary as established by the regulations in 
force. A first view of the basic principles characterizing typological intervention in tunnel 
lining renewal in terms of structural solutions and construction processes is provided herein. 

As mentioned above, any intervention requires the demolition of original linings to the min- 
imum extent necessary for the insertion of a new shell to preserve tunnels’ outline, while safe- 
guarding the structural integrity of the residual portion that shall act as a temporary support 
in the transition period preceding the construction of new linings. To this end, one of the main 
conditions identifying the application context is the state of stress of existing linings. The pres- 
ence of compression in existing linings due to the state of stress associated with their self- 
weight determines the definition of a design intervention. 

Demolition may be then carried out by means of low-impact technological solutions, such 
as milling and hydrodemolition. These methods, together with the fact that demolition is only 
partial, offer several benefits in terms of reduction/minimization of the amount of work that 
would otherwise be required for rock mass consolidation and support in case full demolition 
of the crown was to be carried out. 

Specific additional protective interventions may be put in place, including local ones, and they 
shall be defined depending on the contexts of intervention (e.g., characteristics of the linings and 
boundary formations). Examples include radial GRP nailing, cement mixture-based injections for 
the restoring of structural continuity, void fillings on the back of the crown. It shall also be taken 
into account that demolition/milling of existing linings could often be implemented in the presence 
of temporary supports that are already in place (i.e., bolted steel nets). In such cases, the actual 
demolition procedures shall be calibrated considering the individual design cases. 

Tunnels covered by the structural renovation plan are generally characterized by the 
absence of linings waterproofing system, which is typical of ASPI network tunnels built before 
1980. Crown and walls were casted directly in contact with the adjoining rock mass, with the 
possible prior installation of temporary supports. 

In order to contribute to the durability of new linings, a waterproofing membrane combined 
with a compensating geotextile layer between the existing residual concrete lining and the 
newly built one shall then be inserted. However, the sealing system, as a whole, shall guarantee 
the preservation of the original drainage conditions around the cavity, in order to avoid any 
possible hydraulic overloading as a result of the intervention or of any changes in the hydro- 
geological setting established over the years. The insertion of the waterproofing and geotextile 
layer between the new lining and the original one may result in a slip under shear action. 
Because of this possibility and due to the basic design hypothesis of a complete performance 
decay - in the long run - of the residual portion of the original concrete lining and of any tem- 
porary supports installed during the excavation of the tunnel, the total static autonomy of the 
new lining shall be a prerogative. Therefore, the latter shall ensure that all the safety require- 
ments needed in the long term and in the various project scenarios (including the seismic one), 
regardless of the residual resistant contribution of the existing lining, are met. 
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2 TYPOLOGICAL INTERVENTIONS OVERVIEW 


The design solution for the realization of the new lining that remains within the ori- 
ginal tunnel intrados-profile, with existing lining partially preserved in order to act as 
a temporary support in the construction phase, may be developed in different ways, 
depending on structural, construction-related, logistical and traffic needs. In this 
regard, some proposals for typological interventions have been made based on the real- 
ization of a cast-in-place concrete layer on the back of prefabricated arched elements, 
of high-performing shotcrete layers incorporating reinforcing elements such as self- 
supporting reticular ribs, and on the installation of modular steel liner plates. In any 
case, the basic design concept remains the same as the possible building solutions vary. 


3 WATERPROOFING AND DRAINAGE OF ROCK MASS WATER 


Structural renovation of final linings shall include the installation of a waterproofing system 
as well as the interception/collection/drainage of seepage water from rock mass. 

The waterproofing system will typically consist of PVC/TPO sheeting coupled with a double 
geotextile layer, with 400-500 g/mc sheeting placed on the rock mass side and 150-200 g/mc sheet- 
ing placed on the lining side. Technological solutions aimed at speeding up installation will be 
introduced, by making use of the so-called ‘sandwich-type’ systems, which shall be previously 
welded in factories, as well as rapid methods of attachment to the substrate that are particularly 
effective in terms of adhesion. The installation of the geotextile layer on the lining’s side is func- 
tional for the protection of the PVC/TPO waterproofing membrane during the construction of the 
new lining, i.e. during the application of the shotcrete (typological C1), the handling of the 
reinforcement cages (typological C2), the launching and installation of the predalles slabs 
equipped with metal trusses in the extrados (typological B), and the handling of the modular elem- 
ents constituting the metal shoring (typological D). Since there is not much space available for the 
creation of the new shell and the mobilization of reinforcement and structural elements, because 
of the need to minimize the demolition of the original linings, the PVC/TPO sheeting could be 
exposed to the risk of damage, if not adequately managed. 

In the typological interventions for the structural renovation of the final linings character- 
ized by the aforementioned design condition (i.e., limiting the demolition of the original 
lining), a specific configuration for the drainage system shall be designed. As a matter of fact, 
since there is not much space available to house the collection, it shall be at the base of the 
pier and conveyance pipes to the collector shall be placed under the sidewalk. Specifically, 
micro-flexed footway piping with a smaller diameter than the typical standards adopted in 
newly built tunnels shall be provided. 

The longitudinal micro-flexed piping installed at the base of the waterproofing sheet will have 
an external diameter of 110 SN8, similarly to the transverse piping connected to the collector 
placed under the pavement, which shall not be subject to any particular size limitations (external 
diameter up to 300 mm). The aforementioned piping may be made of PVC or PVC-U. 

The typological configuration is characterized by the connection of the transverse piping on 
the longitudinal piping, which - unlike ordinary applications in newly built tunnels - is located 
at the bottom of the longitudinal piping itself, guaranteeing the complete interception/collec- 
tion of water. This detail has been designed precisely for the purpose of maximizing the effect- 
iveness of the discharge of water to the collector placed under the pavement, while being able 
to flexibly calibrate the installation pitch of the transverse discharge pipes. The drainage cap- 
acity of the entire system is determined by the pipe discharge capacity, which - due to its loca- 
tion - is not subject to special limitations in terms of diameter (as, on the contrary, is the case 
of the longitudinal footway pipe). 

Finally, it should be noted that the configuration described above is to be considered typo- 
logical for application contexts which are not characterized by particularly demanding hydro- 
geological conditions that may otherwise require the development of specific design solutions. 
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4 CASTELLO 1 LEFT PILOT PROJECT 


The Castello 1 LEFT tunnel is located along the A10 highway, between pk 18+983 and 18 
+926 of the eastbound carriageway - Genoa direction (Arenzano sub-section - A10-A26 Inter- 
connection). Its construction dates back to the second half of the 1950s, i.e. the time when the 
single-carriageway highway section between Genoa Pra and Albisola was built. The intrados 
profile consists of a monocentric crown with a radius of 6.11m, with sub-vertical piers with 
a height of about 2m on the platform plane. Following structural investigations, it was found 
that the original final linings were made of plain concrete, whose thickness goes from 20cm 
and 120cm. There is no invert. 

In the year 2020, the tunnel was subject to deep inspection as part of the Tunnel Assessment 
Program put in place by ASPI. The defects identified through the above-mentioned inspec- 
tion, which were further outlined through the structural investigations carried out on the final 
linings, required a safety enhancement intervention (WES) consisting of an inner arch made 
on steel ribs and shotcrete realized on about 25m (from Savona’s side entrance), in addition to 
the installation of further supports (i.e., steel nets, metal sheets for water collection) in the 
remaining part of the tunnel. 

The construction of the above-mentioned inner arch resulted in a significant narrowing of 
the roadway with a consequent reduction in the number of lanes from 3 to 2. Because of this, 
ASPI has considered the intervention of structural renovation of the final lining to be 
a priority in order to make sure the whole roadway could be used again following the demoli- 
tion of the temporary arch and subsequent reconstruction of the final lining of the tunnel. 

In summary, the intervention involves: 


— the demolition of the inner arch; 

— the partial demolition of the original final lining consisting of plain concrete, over the entire 
profile development (including piers and walls); 

— the equipping of the tunnel with new lining waterproofing system, drainage and collection 
of seepage water from the pile; 

— the construction of a new final lining consisting of steel lining plates founded on newly 
reinforced concrete kickers; 

— the full reconstruction of the pavement. 


The new final lining will retain the intrados profile of the original lining, thus reinstating it 
to the condition prior to the construction of the inner arch. The newly built final lining is 
given a Nominal Design Life VN of 50 years, as conventionally defined in the Standards. 

Basically, the technical solution consisting of liner plates was adopted because there was the 
need to create a new lining whose thickness could be as limited as possible. This prerogative is 
determined by the context of intervention characterized by the fact that existing shells are not 
thick enough and have backside voids (for which, however, preventive plugging with lightened 
cementitious mixture with high mechanical performance is foreseen), and that the kind of con- 
crete used for the original lining contains asbestos fibers. 

The presence of asbestos fibers in the original linings required the adoption of special tech- 
nologies for the demolition of the lining, i.e. the use of the hydrodemolition technique with 
the reuse of process water (following filtering) in the first section of the tunnel, including the 
inner arch, and the milling operation implemented according to specific procedures aimed at 
minimizing dust dispersion in the remaining section of tunnel. The adoption of the hydrode- 
molition technique in the first tunnel section is closely associated with the presence of the 
inner arch, which turns out to be intimately connected to the original lining by means of 
a system of metal hooks embedded in the concrete. This configuration clearly does not allow 
the possibility to carry out milling operations, given the significant interference with the con- 
necting hooks. 

Liner plates consist of 120cm-long standard modules made up of three circumferential elements 
connected by means of 2 joint plates (i.e., bolted connection) equipped with a hinge to allow the 
transport of the arch - in a semi-closed configuration - inside the tunnel, and the opening of the 
same for installation (similarly to the mode of installation of supports with ribs in the excavation 


129 


Figure 1. Castello 1 left Pilot Project — Intervention type-section. 


of traditional natural tunnels). When the lower portions of the metal arch are opened, the feet 
(backing plates) will be equipped with telescopic feet to precisely adjust the support on the extra- 
dos face of the wall, located about 7cm away from the base of the metal plate. Once the correct 
plano-altimetric positioning is verified, we will then proceed with the installation of mechanical 
connectors in the concrete, after flaring the support, and we will finally pour high-performing 
expansive concrete for final clogging at the foot of the shoring. The connection between the steel 
modules will then be ensured by the bolted joint plates. After the installation, the individual mod- 
ules will be bolted along the core of the main lateral trusses, in parallel with the tunnel axis, ensur- 
ing longitudinal continuity to the system. Superfluid grout made with cement-based binder with 
high resistance to sulfates will be used for back side injection, which will be done through special 
valves with a one-inch diameter installed on the steel plate in the extrados. 


5 SAN FERMO RIGHT PILOT PROJECT 


The San Fermo RIGHT tunnel is located in the northbound carriageway of the A09 highway, 
between pk 36+123 and 36+821. The tunnel, which was built in the first half of the 1970s, is 
about 700m long and has a two-lane carriageway with a total width of 9.5m. The tunnel has 2 
by-passes at about 180m from the entrance on the Milan side and about 500m on the Chiasso 
side, adjoining the adjacent tube. 

The structural renovation of the existing lining will affect the entire length of the tunnel by 
providing for the construction of a new final lining consisting of a high-performing structural 
shotcrete shell placed with the help of modular panels of electrowelded mesh or fiberglass. 
Such shell will be set on newly built reinforced concrete kickers. The new final lining will have 
a waterproofing system consisting of a TPO sheet protected by a double layer of TNT (extra- 
dos/intrados). The tunnel will be equipped with a network to collect infiltration water from 
the rock mass. The work will also include the reconstruction of the platform water collection 
system, fire-extinguishing system, SOS, as well as the construction of a new lighting system. 

The reconstruction of the final lining will not change the intrados profile of the tunnel in any 
way whatsoever, so the functional section and the minimum elevation francs on lane margin 
and embankment limit will remain unchanged. The plano-altimetric layout of the tunnel will 
not undergo any changes. The newly built final lining is given a Nominal Design Life VN of 50 
years. The adoption of the specific structural typology of the new final lining, that is the use of 
a high-performing shotcrete shell, is closely related to the characteristics of the work under 
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consideration: as a matter of fact, the tunnel’s original unreinforced linings are subject to an 
extremely modest state of stress, which is essentially attributable to its self-weight. This config- 
uration is determined by the high mechanical quality of the rock mass (Como Conglomerate 
Formation) associated with the modest overburden (50m maximum). Therefore, the conditions 
allow for the adoption of a lining which does not require the use of reinforcement in order to 
meet specific structural requirements both under static load and in the presence of seismic 
events (also given site low-seismicity).The adoption of the technological solution based on the 
use of shotcrete instead of cast-in-place concrete for the construction of the final lining is due 
to the greater versatility of the construction process, which allows to manage - in a rapid and 
effective manner - short-term construction sites and/or constructions sites where works are car- 
ried out on a non-continuous basis, as is the case of the San Fermo Tunnel right. 

The work plan is divided into three macro-phases. In Phase 1, since it is necessary to use 
a system which can be rapidly made available on the market, and due to the imminent start of 
work, Ram — Arch® system will be used. This system, which was developed in Great Britain, has 
been widely applied in interventions of renovation of the final linings of existing tunnels. It con- 
sists of modular elements of electro-welded mesh placed according to three-dimensional geom- 
etry, specifically equipped with V-shaped corrugations towards the tunnel intrados which act as 
ribs for the creation of a self-supporting mesh being stiff enough to ensure the stability of the 
system during the shotcrete application phase. For Phase 2 and 3, modular fiberglass mesh cages 
will be used, since there is more time to design systems of similar rapid installation. There could 
be the possibility to use something other than steel so as to transition to more environmentally 
sustainable solutions. The time required for the development of this system, which is currently 
underway, is in line with the resumption of the works of Phase 3 and is being addressed consist- 
ent with the Guidelines for the Identification, Qualification and Acceptance of the Fiber- 
Reinforced Composite Bars issued by the Italian Superior Council of Public Works, or CSLLP. 

The Executive Project involves the consolidation and the systematic plugging of all the cav- 
ities being in the linings’ outline by means of cementitious mortars for injections characterized 
by the rapid development of mechanical strengths. Following the completion of the filling of 
the back voids and the consolidation phases of the original lining, it will be necessary to pro- 
ceed with the radial consolidation work of the rock mass around the concrete lining of the 
tunnel. The consolidation will imply the construction of a battery of D60/40 fiberglass pipes 
cemented with single-component, thixotropic, controlled-shrinkage premixed mortar, installed 
with a 4m-long quincunx mesh with a 1.6m side. 


Figure 2. San Fermo right Pilot Project — Intervention type-section. 
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The structural renovation of the final linings involves the construction of a structural shot- 
crete shell, which shall be 30cm thick, after the milling of the existing claddings and the instal- 
lation of the waterproofing system. The modular Ram Arch ® panels shall be 100cm long and 
about 17cm high. We are also planning to add a finishing layer of about 2cm made with two- 
component, low elastic modulus, fiber-reinforced thixotropic cementitious mortar with 
organic-based corrosion inhibitor, extended only to the pier strips up to an elevation of 4m 
from the roadbed. 


6 COLLE MARINO LEFT PILOT PROJECT 


The Colle Marino LEFT tunnel is located on the northern carriageway of the A14 freeway, 
between pk 346+763 and 347+718, in the section between the Atri Pineto and Roseto degli 
Abruzzi interchanges. The tunnel, which was built in the 1970s, is about 952m long, including 
about 800m of natural excavation, and has a two-lane carriageway with a total width of 9.6m. 

In the year 2021, the tunnel underwent a deep inspection as part of the Tunnel Assessment 
Programme put in place by ASPI. The flaws identified through the above-mentioned inspec- 
tion, which were further outlined through the structural investigations carried out on the final 
linings required a widespread intervention of Safety Support measures of the shell lining. This 
intervention shall include consolidation and structural reinforcement works, which are par- 
ticularly challenging from a technical-economic point of view, and which shall be applied 
along the entire length of the tunnel. A preliminary comparative cost-benefit analysis was per- 
formed and it showed that the alternative solution consisting of the full structural renovation 
of the tunnel linings, in view of the possibility to have a new design life of 50 years, was the 
one to opt for. This determination was further supported by the results of the structural inves- 
tigations carried out on the inverted arches, which were not affected by the original safety 
interventions. As a matter of fact, the results of the core drilling and uniaxial compression 
tests conducted on the concrete samples showed that some physical and mechanical conditions 
of the structure were not suitable for the design request to extend the Design Life by an add- 
itional 50 years, especially with reference to the response of the final linings to the loads 
induced by seismic events. 

For the above reasons, ASPI has identified the need to proceed with the Executive Design 
of a complete structural renovation intervention of the definitive linings, over the entire length 
of the tunnel, from the crown to the invert. 

For the implementation of this intervention, the road platform is planned to be lowered by 
about 65cm, over the entire extension of the structure, with stretches of altimetric connection 
extending for about 120m upstream of the Pescara-side inlet and for about 100m downstream of 
the Bologna-side inlet. Such configuration of the new platform, which is made possible by the 
absence of culverts/bridges determining altimetric constraints in the sections immediately 
upstream and downstream of the tunnel, leads to significant technical advantages by eliminating 
the need to cope with the partial demolition of the crown and the subsequent need to have sup- 
port systems, consolidations, voids filling. In the specific case of Colle Marino’s left tunnel, the 
milling of the crown would have been particularly difficult due to the almost constant presence of 
temporary interventions, such as ribs and nets being doweled to original concretes (with fasteners 
up to 45cm deep), which make it impossible to have a complete and reliable picture of the time/ 
cost of the works. 

The structural renovation intervention will involve the construction of a new shell lining 
and a new invert arch on the entire tunnel except for specific sections of the artificial portion 
of the tunnel and the related portals, that are fully made of reinforced concrete and are about 
20m long, both on Pescara and Cattolica side. For these, the design intervention provides for 
the renovation of the current carpentry in the intrados (by means of hydroscarification of the 
concrete cover, maintenance/replacement of reinforcing bars), since there are the proper geo- 
metric conditions to inscribe the new tunnel outline within the original structures. The latter 
solution will result in significant low cost and short-term technical optimizations without 
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introducing local limitations in the 50-year service life extension identified as a design 
prerogative. 

The tunnel interacts with Pliocene/Pleistocene clayey formations ranging from quite com- 
pact in the inlet sectors to compact/hard in the sections with greater overburden (70m 
approx.); the work has unreinforced definitive lining in cap/reverse arch, respectively with 
a design thickness of 70/80cm. To date, the state of stress detected in the final linings, specific- 
ally in the crown and piers (flat jacks campaign), is clearly higher than that associated with 
the self-weight of the linings alone, thus reflecting a certain static commitment due to the 
interaction of the linings with the boundary mass, even through the original temporary linings. 
Before the start of the works, an extensive campaign of inverted arch flat-jack tests is also 
planned in order to ascertain the presence of a potential compressive state. Specifically, stand- 
ard flat-jack tests will be used together with surface strain value measurement using high- 
resolution (0.02uE) transducers and high-response dynamics. Step by step, the cut will be 
deeper in order to assess how the detensioning process develops as a function of the depth of 
the cut itself. From the strain vs. shear depth curve, it will be possible to estimate the max- 
imum value of the state of stress in the portion of the veneer extrados and to acquire substan- 
tial information on the representativeness of the outcome of the jacking test with respect to 
the entire thickness of the inverted arch. 

The pilot intervention involves the complete reconstruction of the final tunnel lining, both 
in crown/walls and invert, for the entire length of the tunnel. It is divided into two macro- 
phases: the first one will consist in the demolition/reconstruction of the invert arch, in progres- 
sion from the south portal to the north portal with a single work front, while the second one 
will consist in the reconstruction of the crown (with progression from the north to the south). 
The new invert will be built with poured concrete C35/45 admixed with polypropylene struc- 
tural macro fibers. On the one hand, due to the lowering of the platform, the new crown 
lining will completely be intradosed in the central section, with respect to the original crown 
profile. On the other hand, descending towards the walls base will require a preliminary mill- 
ing operation (of increasing depth up to about 40cm) for the insertion of the new 35cm-thick 
prefabricated slabs (3 elements with arch geometry) and the completion of casting on the back 
with self-compacting concrete class C35/45. The TPO+double TNT waterproofing membrane, 
with interception piping at the footing, discharging every 12m into the collector placed under 
sidewalk (both left and right), is planned to be installed to the lining back. 


Figure 3. Colle Marino left Pilot Project — Intervention type-section. 
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7 CONCLUSIONS 


The objective of ASPI Network’s Tunnel Renewal Strategy (TRS) is the extension of tunnel 
linings’ life cycle (i.e., additional 50 years) through the construction of new, structurally 
autonomous shells, replacing the original linings and ensuring suitable performance under 
seismic events. In this paper, after an introduction on the TRS basic design principles, 
a general overview on pilot interventions was provided: Castello 1 left (Highway A10 Genoa - 
Ventimiglia), San Fermo right (Highway A09 Milan - Como) and Colle Marino left (Highway 
A14 Bologna - Taranto). In Castello 1 left and San Fermo right tunnels, the new shell remain 
within the original lining intrados-profile, after partial milling or hydrodemolition (required in 
presence of temporary nailing or concrete containing asbestos fibers), while in Colle Marino 
left the new crown is inscribed in the existing one thanks to platform lowering (65cm). New 
structural shells consist of Steel Liner Plates in Castello 1 left, a high-performing shotcrete 
arch integrated with three-dimensional steel mesh panels (Ram-Arch system) in San Fermo 
right, and prefabricated arch slabs with rear concrete casting (on new cast-in-place invert) in 
Colle Marino left. 
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ABSTRACT: The Monte Baldo twin bore tunnel, along the A27 Highway linking 
Venice to Cadore, was excavated during the 1970s in marls, with partial section advan- 
cing system, systematically installing metal ribs as a temporary support. The final lining 
consists of unreinforced concrete with average thicknesses of 90cm. As part of Auto- 
strade per lItalia (ASPI) Tunnel Assessment Programme, the southbound tube has 
recently undergone major temporary safety works, consisting mainly of crown supporting 
with steel-welded wire mesh and self-drilling bolts. At the same time, an extensive inves- 
tigation plan was put in place in order to identify the actual thickness of the linings and 
the extent of back voids due to over-excavation and casting flaws. The investigation, 
based on video-endoscopy and phorometric techniques, showed an extensive system of 
interconnected cavities being almost a meter deep. The extent of the volumes involved 
determined the need to study specific design criteria, based on the seismic response of 
the shell lining in the presence of cavities on its back, in order to identify priority sec- 
tors for filling as well as the suitable material to be used. It was deemed appropriate to 
proceed with the injection of expansive epoxy resins of high mechanical properties in the 
hardened state (strength and dynamic stiffness have been investigated, varying the expan- 
sion factor). Resin injection proved to be an optimal solution to minimize impacts in 
terms of site logistics and time incidence of secondary works (perforations diameter, 
injection equipment). This paper discusses the evidence gathered from the experimenta- 
tion of this pilot solution in the field of systematic filling of back cavities on existing 
tunnel linings, specifically in the conditions of implementation during night-time traffic 
closures. 


1 GENERAL OVERVIEW OF INJECTION WORKS 


The ‘Monte Baldo left is the oldest tunnel located along the A27 Venice-Belluno highway, 
between the Vittorio Veneto Sud and Vittorio Veneto Nord exits. It was opened to traffic in 
the first half of the 1970s, and has an overall length of about 1876m, with a maximum cover- 
age of 325m. 

The tunnel has been interested, in the year 2021, by major safety enhancement interventions 
(MES) implemented as part of Autostrade per I’Italia’s Tunnel Assessment Programme. 

In general, the interventions consisted in the installation of heavy steel welded wire mesh 
sheets and nailing with self-drilling M38 bolts. In addition, an extensive campaign of drilling 
and measurements of the voids on the back of the crown has been carried out. This campaign 
mainly showed high spread of extensive cavities. Therefore, a plausible scenario, according to 
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which there was a more or less generalized over-excavation during the construction phase, 
which was not filled during the crown casting operations, was identified. 

TECNE Gruppo Autostrade per l’Italia SpA was appointed to develop the Executive 
Design of the injections for the completion of the safety enhancement interventions (MES), 
while working together with the Client and the Works Management in order to identify the 
most suitable technical solution for the context of intervention, which is strongly characterized 
by interconnected voids system on the back of the crown. Therefore, an additional forometry 
campaign was planned in order to acquire essential data for the completion of the cognitive 
framework, which was created thanks to the systematic and accurate analysis of the available 
video-endoscopies and forometries conducted during inspection/post-inspection and work 
execution year 2021. 

The size of the volumes involved determined the need to initiate the study of specific design 
criteria, based on the performance response of the portions of the shell lining in the presence 
of cavities on its back, under seismic events, in order to identify priority sectors for the execu- 
tion of confinement injections as well as the suitable material to be used. 

It was deemed appropriate to proceed with the injection of expansive epoxy resins of high 
mechanical properties in the hardened state, an optimal solution to minimize impacts in terms 
of site logistics and time consumption for secondary works. This solution was specifically 
chosen for its ability to respond effectively to the prerogatives of versatility and rapidity of the 
construction site and decommissioning of plant equipment and machinery, given the stringent 
time constraints related to the execution of interventions during the closure to traffic of the 
tunnel planned for the central days of the week, with reopening to traffic on weekends (site 
decommissioning on Friday morning, resumption of works Monday afternoon). The filling of 
the cavities with alternative techniques, such as the injection of super-fluid lightened cement 
mixtures or the pumping of clogged expanded clay, in the second phase - once again with 
cement mixtures - would have resulted in the systematic drilling of concrete linings, with holes 
having such a big diameter as to require expensive interventions both for their execution 
(coring post dismantling of crown temporary support system i.e. steel meshes) and for the res- 
toration of the nets installed in the intrados of the crown itself. These works would also have 
led to a greater impact for the rearrangement of the highway platform aimed at reopening to 
traffic every weekend, due to the greater disturbance caused by cement injections (i.e., leakage 
from the holes due to the high fluidity of the mixture) and subsidiary works (i.e., drilling, res- 
toration in general). On the contrary, resins can be injected by means of perforations with 
a small diameter, which can be carried out with a drill having a d 18mm bit. Therefore, this 
process definitely has a lower impact on the support systems already placed on a large part of 
the crown. Moreover, resin injection operations are also characterized by the fact that their 
impact on working sites is very low, and this is an element of considerable importance consid- 
ering the need to operate - for most of the time - with the periodic reopening to traffic of the 
tunnel. 


2 PROCESSING OF THE OUTCOMES OF THE BACK-VOIDS SURVEY 
CAMPAIGN 


During the years 2021-2022, a large series of forometries (a total of 1,500) were carried out in 
order to have an overview of the cavities and thicknesses of the existing lining. 

A graphical representation was then obtained from the database, using MS Excel software 
to interpolate the lining and void thickness data into a bubble chart for every inspection area 
of the tunnel (Figure 1). 

The bubble chart is aimed at easy data reading thanks to the representation of two- 
dimensional bubbles the diameter of which depends on the value of lining thickness and 
backside void. The central gray bubble represents the lining thickness identified by the 
evidence, while the orange circular crown identifies the value of the voids in the back. 
Along with this information, the bubble chart allows other data inherent in the VE 
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reports to be represented, such as the presence or coming of water (blue crown), the 
presence of concrete thicknesses greater than the design value (anthracite crown), 
and second-level voids. 

So far, the analysis has been integrated by a study comparing the shell thicknesses 
identified through the surveys and the one declared in the As Built drawings related to 
the work. 

The average sections used were taken from the As Built tables obtained during the 
assessment phase, with their expected lining thicknesses identified as the theoretical 
design thickness (P). 

This information is also shown in the drawings made during the assessment phase and 
related to the design of the interventions. 

Having identified the thickness of the lining detected during the investigations (A) and the 
thickness of voids on the back (B), a new representation of the data was developed and it 
made it possible to identify 5 scenarios along the tunnel: 


— A>P & B=0: lining thickness greater than or equal to the theoretical design thickness and 
absence of voids. 

— A>P & B 20: lining thickness greater than or equal to theoretical design thickness and pres- 
ence of voids. 

— A<P & B=0: lining thickness less than the theoretical design thickness and absence of 
voids. 

— A<P; B>0 & A+B<0: lining thickness less than the theoretical design thickness and pres- 
ence of voids. The sum of voids and lining thickness is less than the theoretical design 
thickness. 

— A<P; B>0 & A+B20: lining thickness less than the theoretical design thickness and presence 
of voids. The sum of void and lining thickness is less than the theoretical design lining 
thickness. 
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Figure 1. Part of the graphic processing of the data extracted from the forometries and videoendosco- 
pies, inspection sections 93. 
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EXISTING LINING INTRADOS | 


Figure 2. Interpretive diagram of the cavity thickness and lining. The void thickness is indicated in 
gray, while the theoretical design thickness is indicated with P. 


From the classifications, all critical situations along the entire length of the tunnel were 
identified and then linked to the interventions already implemented in the assessment phase. 
From this representation, it was also possible to assess the overall picture of cavities and 
create a geometric domain of voids, estimating the longitudinal and transverse extent of cav- 
ities along the entire route. 

Given the interpolation of data, in order to be able to best represent the most onerous scen- 
arios in terms of transverse cavity extension, a simple and intuitive color scheme was chosen, 
and extensions were divided into three categories: 


— Green Category; transverse extension of the cavity with a range of -4<x<4m 
— Orange Category: transverse cavity extension with a range of -6.25<x<-4 A 4<x<-6.25m 
— Red Category: transverse cavity extension with a range of -7.15<x<-6.25 A 6.25<x<-7.15m 
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Figure 3. Graphic representation of the extension of the cavities. At the right side of the picture section, 
a schematic approach for the calculation of the volume. 


The volumes were determined by considering, for each sector, the average depth of the 
voids applied over the areal extent where the voids are (through their respective measure- 
ments). In this way, the estimate turns out to be an extrusion of the area where the voids 
occur. From this reconstruction, it was possible to estimate that the total volume of the cavity 
was equal to 4535m°. 
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3 DESIGN PROCEDURE 


3.1 Identification of design criteria 


The need to carry out the intervention for the injection of cavity system placed on the back of 
the definitive linings of the Monte Baldo left tunnel is in line with the design prerogative of 
guaranteeing a suitable confinement of the linings themselves, with particular regard to the 
crown sectors, by means of which improve performance of the structure, both under static 
load and, in particular, in the presence of load induced by seismic events, can be achieved. 
The accomplishment of this performance enhancement turns out to be a decisive condition for 
the extension of the service life of the safety enhancement intervention (MES) understood as 
a whole. 

With the primary aim of verifying for which possible geometric configurations of the 
void system it is necessary to intervene with the backfill intervention, an analysis 
method based on the thorough study of the data collected through structural investiga- 
tions and, subsequently, on the two-dimensional finite element numerical modeling of 
the rock-mass/tunnel system under the different representative conditions of the work 
was implemented. 


3.2 Identification of typological contexts of intervention 


These sections were taken into account following a thorough analysis of all the tunnel 
sections investigated by the forometry campaign conducted by DL (2021), which made 
it possible to reconstruct the cross sections for large tunnel sections based on wide 
number of data samples (with regular drilling geometry on all the ashlars involved in 
the investigation). 

Of these, two extreme situations were taken into account: 


— Configuration 1: associated with localized crown deconfinement at the key, with insufficient 
thickness in the lining (sect. Pk 1026 identified as representative) 

— Configuration 2: associated with total crown deconfinement, with significant insufficient 
thickness in the lining (sect. Pk 1154 identified as representative) 


3.3. Numerical modeling and implementation of the analysis 


The analysis approach that followed aims at evaluating the effects of seismic events on the 
preand post-void injection of the tunnel. 

For this purpose, the numerical analysis was conducted by examining exclusively the results 
in terms of incremental tensile-deformation variation in the computational step associated 
with the imposition of seismic action on the rock mass/tunnel system. Rock mass, linings and 
resin fill were therefore associated with mechanical properties which were consistent with the 
adoption of a perfectly elastic constitutive bond. Therefore, the performance was evaluated 
based on the assessment of the earthquake-induced tensile stresses in the linings (min. normal 
stresses, acting onto the principal plan). 

Numerical analyses were conducted using Rocscience RS2 software for two- 
dimensional FEM analysis, by considering that the grid’s size and degree of infilling 
were such as to ensure an accurate numerical solution, representative of the problem 
treated. The grid size (50x50m) was chosen in an attempt to minimize edge effects on 
the tunnel response. 

The loading condition considered for the evaluation of the effects is the seismic one, reproduced 
through a pseudo-static approach. The analysis under seismic condition is reproduced by analyz- 
ing the case of a deformation of the tunnel section with the propagation of the wave front perpen- 
dicular to the axis of the tunnel. The earthquake-induced effect on the structure was assessed 
through a simplified approach: Modified Cross-Section Racking Deformation Method. 
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The seismic action y_max is defined as the ratio between the Peak ground velocity (PGV) 
and the shear wave velocity in the rock mass. 

The PGV is defined according to what stated in §3.2.3.3 of NTC2018 (Italian Ministerial 
Standard). The simplified seismic analysis involves the application of a field of displacements 
to the rock mass/structure system (FEM boundaries)such that the so as to simulate a pure 
shear deformation ymax under free-field conditions. 

Based on the data collected from the geognostic investigation campaign, the value of the 
small-strain elastic modulus of the rock mass was identified. Laboratory tests conducted 
on 4X volumetric expansion resins made it possible to calculate the value of the small- 
strain elastic modulus. Moreover, a series of strength values were determined from the 
cores drilled in concrete linings during the assessment phase. The values listed below, 
evaluated according to the prescription of UNI EN 13791:2019 and NTC 2018, were used 
as guiding parameters. 


3.4 Results 


The analyses were conducted for both sections in two different calculations for each typo- 
logical section: 


— Without fill: on this model, the seismic input was implemented without considering the 
effect of the resin filling. 

— With fill: on this model, the seismic input was implemented considering the effect of the 
resin filling. 


A joint element was inserted considering a full slip condition at the connection interface 
between lining and backfill (resin) void plugging material. 

The analyses conducted for configuration 1 show that the response in the absence and pres- 
ence of injection is essentially similar. This evidence allows us to consider the design choice of 
possible injecting 10X volumetric expansion resin for the purpose of mere filling and not for 
the creation of structural confinement. 

Analyses conducted for configuration 2 show that the response in the absence and in the 
presence of injection differs significantly in terms of the spreading of an average tensile state 
over the shell sector affected by the shear/tensile deformation (Figure 4). 

The benefits induced by the confinement with structural resin can be detected by the reduc- 
tion of the intrados band of lining subject to an average tensile state of stress (in the specific 
case of the model, the one located on the left side, in relation to the directionality of the distor- 
tion applied to the model) and by the corresponding greater extension of the sector subject to 
an average compressive state of stress (on the opposite side of the shell, including the sector in 
key).This evidence allows to consider the injection of 4x volumetric expansion resin for struc- 
tural confinement purposes as a design choice. 

The 4x resin filling intervention was then extended to intermediate situations between the 
two cases analyzed numerically, in view of a preservation-oriented logic taking this application 
case to a more critical one. 


4 INJECTION TRIAL WORKS 


The resin filling activity was experimented through special trial works conducted on segments 
46-50 in June 2022. This activity made it possible to completely focus on all the relevant tech- 
nical-technological aspects, so that the intervention could then be implemented smoothly and 
according to the best execution methods. In particular, the full achievement of the design 
objective of complete void filling was verified, and the mobility of the resin in the fluid state 
proved to be significant. 
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Figure 5. Injection operation, trial works in sector 50. 


5 INTERVENTION ORGANIZATION 


These findings, together with the results of the numerical analysis carried out for the 
evaluation of the technical criteria for the implementation of backfill injection at the 
back of the crown, made it possible to create a complete design framework, organized 
according to three intervention typologies: 


— Type A intervention: specific intervention for tunnel sections affected by widespread 
and vast voids until lower haunches/crown impost. This condition results in a state of 
complete deconfinement of the crown for which complete filling of the voids with 
epoxy resin having 4x expansion factor is required. The laboratory tests prescribed 
during the identification of the technical solution provided results that confirm 
a mechanical quality of the resin in the hardened state suitable for a complete con- 
finement, both in the static field and in the dynamic field (in presence of seismic 
action). Type A intervention provides, as a rule, the execution of transverse and lon- 
gitudinal confinement diaphragms, made using epoxy resin with 10x expansion factor, 
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given the essential function of compartmentalization of the ‘structural’ injection oper- 
ated with resin having 4x expansion factor. Such injection will be conducted by three 
parallel alignments, two of them being placed at the haunches (2m from the key), 
while one of them at the crown center. 


tasa rasa tasa 


Figure 6. Phases of intervention in type A: respectively, phase 1, transversal isolation; phase 2, longitu- 
dinal isolation; phase 3, lateral injection; phase 4, central injection; phase 5, control tests. 


— Type B intervention: specific intervention for tunnel sections affected by widespread 
and vast voids up until the haunches sectors. This condition results in a state of 
lining deconfinement limited to the central and haunches sectors, for which complete 
filling of the voids with epoxy resin having 4x expansion factor is still required. In 
light of the limited extension of the cavities, if compared to type A section, type 
B intervention does not require the execution of the longitudinal compartmentaliza- 
tion diaphragms necessary to avoid the dispersion/percolation of the fluid resin 
towards the lower sectors of the crown/piers head, since the adherence of concrete 
lining to the rockmass provides natural isolation. 

— Type C intervention: specific intervention for tunnel sections affected by a system of 
voids limited to the crown key sector. This condition, in view of the numerical simu- 
lations conducted, does not result in any particular critical situation in terms of 
deconfinement of lining influencing its performance response, both in static conditions 
and under load induced by seismic action. Therefore, in this case, the design interven- 
tion provides for the possible filling of the key cavities of the crown with resin having 
10x expansion ratio, since there are no ‘structural’ requirements in place and only 
because it aims at making the filling operation on the back of the tunnel canopy as 
homogeneous as possible, thus excluding the possibility that water gathers in sections 
which are not interested by filling works. 


6 CONCLUSIONS 


As part of ASPI’s Tunnel Assessment Programme, the Monte Baldo left tunnel has recently 
undergone major temporary safety works, consisting mainly of crown supporting with steel- 
welded wire mesh and self-drilling bolts. At the same time, an extensive investigation based on 
video-endoscopy and phorometric techniques, showed an extensive system of interconnected 
cavities being almost a meter deep. The magnitude of the void-volumes involved determined 
the need to initiate the study of specific design criteria, based on the performance response of 
the portions of the shell lining in the presence of cavities on its back, under seismic events, in 
order to identify priority sectors for filling as well as the suitable material to be used. 
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It was deemed appropriate to proceed with the injection of expansive epoxy resins of high 
mechanical properties in the hardened state, an optimal solution to minimize impacts in terms 
of site logistics and time consumption for secondary works (perforations diameter, injection 
equipment). 

Numerical analyses showed that, in case of total crown deconfinement with significant 
insufficient thickness in the lining, the response in the absence and in the presence of injection 
differs significantly in terms of the spreading of an average tensile state over the crown intra- 
dos. These findings made it possible to create a complete design framework, organized accord- 
ing to different intervention typologies, ranging from tunnel sections affected by widespread 
and vast voids up until low haunches/crown impost, to tunnel sections interested by local 
voids limited to the crown-key sector. The experimentation of this pilot solution in the field of 
systematic filling of back cavities on the existing tunnel linings could be extended for further 
application considering the agility of the solution, which makes it particularly suitable for 
works to be carried out at night time. 
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ABSTRACT: Large heat storages are playing a key role in district heating networks in the 
future. They allow for a broad integration of renewable energy sources and industrial waste 
heat by providing producers and consumers with the necessary flexibility. Currently, insulated 
steel tanks with volumes of around 30,000 m° and heights of around 60 meters are frequently 
used by district heating providers in Austria for this purpose. However, due to the limited stor- 
age volume and the significant heat loss of around 23 kWh/m? to 73 kWh/m? storage volume, 
particularly during the cold season, further developments are required. The use of large rock 
caverns allow for large storage volumes of more than 100,000 m? and a reasonably steady tem- 
perature profile of the boundary conditions over the year with significantly reduced heat losses 
during winter seasons as compared with conventional strorages. Heat storages for this purpose 
need a minimum height of 60 m to provide the pressures needed in directly connected district 
heating systems. In this paper, varying geometries of rock caverns with a vertical dimension of 
in minimum 60 meter are analyzed with respect to efficient and economic construction methods 
for typical rock conditions in Alpine regions. The costs per cubic meter storage volume are esti- 
mated considering in particular (i) construction costs of caverns and access structures; (ii) costs 
for annual heat losses; (ili) operating costs. The results of this analysis show that the storage 
cost per cubic meter in rock caverns built in sound rock are in the range of 120 €/m? to 170 €/m? 
approximately for storage volumes of > 100,000 m? to 500,000 m?. This is lower than the current 
costs per m? for conventional insulated steel tanks. Concurrently large storage volumes have the 
additional advantages of reduced heat losses and a long service life with limited maintenance 
costs. This is of particular relevance for seasonal storages and for the application of the storage 
caverns for a service life of more than 100 years. 


1 MOTIVATION 


The costs for currently used conventional insulated steel tanks for large heat storages have 
been analyzed based on two case studies: 


1) The district heating provider Salzburg AG (Austria) uses an insulated steel tank with 
a diameter of 29 m, a height of 44 m, a storage volume of 30,000 m? at 97°C with 
a maximum energy content of 3.422 GWh. This steel tank is surrounded by a 50 cm insula- 
tion layer. It has been built between Oct. 2010 and Dec. 2011. The construction costs at 
that time including the technical equipment and connection to the network and heating 
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2) 


source are in the order of 16 Mio. Euro (Salzburger Nachrichten). This results in a unit 
storage price of 593 €/m*. Unfrtunately, the heat losses over the year are not available. 

The district heating provider Linz AG (Austria) uses an insulated steel tank with 
26 m diameter, 65 m height and 34,500 m? storage volume for district heating supply to 
cover the peak in demand during the day. This tank was already constructed in 2004. The 
construction cost per spring 2022 are estimated from comparable projects to be in the 
range of 12 to 14 Mio Euro which results in a unit storage price of 348 to 406 €/m? (per- 
sonal communication with Linz AG). For this steel tank, the heat losses are measured by 
the provider and are given with a capacity of around 250 kW which are 73 kWh/m? 
and year or around 2.520 GWh per year. This is around 64 % of the energy content of 
3.935 GWh. 


Based on these cost data it was analyzed, within the FFG project FO999888414 “cavern 


heat storage”, if such storages in rock caverns can be built competitively for the intermediate 
storage of heat in urban areas, considering the particular requirements for large heat storages 


in 


2 


district heating networks. 


HOT WATER STORAGE IN ROCK CAVERNS 


The storage of water in rock caverns has a number of technical and economic advantage, in 
particular in Austria: 


From a “structural design” point of view: the integration of the reservoir in the under- 
ground enables the surrounding rock to be activated for the transfer of forces and hence 
construction materials for the surrounding structures can be saved. This allows for 
a resource-efficient construction. 

From a “building physics” point of view: the rock surrounding the cavern is activated for 
heat storage. The extent to which insulation layers are required in the cavern lining to limit 
heat loss were also investigated in detail within the framework of this research project and 
are presented in Messerklinger et.al. (2023). 

From an “urban area development” point of view: this infrastructure building is not visible 
in the town skyline such as the 60 m high steel tank storages but hided in the mountains 
From a “land use” point of view: no building land reserve is required for the construction 
of such an infrastructure facility, as the storage facility will be integrated into existing 
mountains. In most Austrian provincial capitals, there are hills or mountains that allow the 
construction of large-volume caverns centrally close to the city center. 

From an “Economic” point of view: such underground structures are durable with a service 
life of 100 years and more. Thus, as shown by the many examples of hydroelectric power 
plants with large underground structures exceeding a service life of 80 — 100 years, such 
long-lasting infrastructure facilities have a vast positive effect on economic development. 
From a “social” point of view: an economical large-scale heat storage facility with appro- 
priate integration into the district heating networks enables a wide variety of small and 
micro producers and consumers to participate in this renewable heat energy system in 
a decentralized way. 


In consequence, this kind of storage caverns are advantageous in particular in Austria due 


to the following reasons: 


i. 
il. 


lil. 


the geological conditions with centrally located hills or mountains of good rock quality, 
the existing knowledge in rock and underground mining with internationally active and 
leading engineering companies, contractors, and university research institutions 

the ability to drive and push a decentralized resource-saving heat-storage and -provider 
system within the framework of the heat energy turnaround as a major social challenge. 
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3 OBJECTIVES OF THIS PROJECT 


This project investigated the use of rock caverns as large-scale heat storage facilities in district 
heating networks. This included the modelling of caverns at distinct locations, considering 
realistic rock properties in terms of excavation support measures as well as heat conductivity/ 
heat loss for the specific boundary conditions. 

Three cavity geometries for the storage of the specified volumes are hence modelled on the 
basis of existing data (Figure 1). The project considers on the one hand storage facilities with 
smaller cross-sections and large linear expansion in height and, on the other hand, large diam- 
eter shaft cavern shapes. In addition, a spiral tunnel was investigated. 


(a) (b) (c) 


Figure 1. Analyzed geometries: (a) vertical shafts with large diameter and conventional excavation; (b) 
vertical shafts constructed by raise boring; (c) large helix excavated using an open gripper TBM. 


Then the necessary rock support as well as the construction sequence and the construction 
methods for these structures were analyzed. These boundary conditions formed the basis for 
the unit storage cost calculation. The aim was to define the approximate costs of such heat 
storage systems considering realistic cavern shapes and the associated construction methods. 

The modelling and simulation of the temperature propagation in the rock was carried out 
within the framework of several theses. Smaadahl (2022) analyzed two aspects (i) heat losses 
through the surrounding rock assuming no thermal insulation layer at the cavern lining and 
(ii) the possibilities of co-activation of the surrounding rock body for heat storage and the 
boundary conditions required for this, such as rock cover, operating temperature cycles, etc. 
This study was based on numerical simulations of the hot water storage cavern-rock inter- 
action. The heat losses over the year given in Table 1 and applied for the economic analysis 
given in Table 2 were derived from these studies. 

Finally, the storage price per kWh, which is the reference value for comparing the cavern 
large-scale heat storage system with other large-scale heat storage systems, was determined. In 
order to make this comparison as realistic as possible, the costs are based on the cavern rock 
support analysis and modelling. The construction costs include (see also Table 1): 


i. the excavation of the rock cavity including rock support and all necessary ancillary facil- 
ities such as access and ventilation tunnels, etc. and 

ii. the watertight lining of the cavern with sealing and reinforced concrete as well as 

iii. the technical equipment, first filling and connection to the district heating system 


Based on these analyses the construction costs of the three geometries investigated was 
determined with 121 €/m? to 131 €/m? and the total costs with 142 €/m? to 148 €/m>. This was 
an unexpected small range for all three geometries. 
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Hence, this cost estimation was cross-checked with cost experiences from previous under- 
ground shaft and cavern projects where the monthly costs for smaller constructions sites can 
roughly be estimated with 1,5 Mio. EUR per month for personal, machines and energy. In 
addition, around 25 % to 40 % of that are required for materials. For construction process 
reasons and also for reducing heat losses and lining costs, the largest possible shaft diameters 
for the given rock conditions are most interesting. Hence, storage volumes of >250,000 m° to 
500,000 m’? are visible. For these volumes provided e.g. with six shafts of 30 m diameter each 
and 100 m height (V = 425,000 m°) or four shafts with 36 m diameter and 100 m height (V = 
407,000 m°) or similar combinations depending on the given rock quality, a construction 
period 2 to 3 years is estimated considering 4 to 6 month installation and access tunnels and 4 
to 6 month finalization works and deinstallation and an excavation rate in the shafts of 
around | m per day in two parallel constructed shafts. This rough estimation results in costs 
of (4-6 month installation and access + 7-10 month excavation shafts + 2-4 month sealing and 
concrete lining+ 4-6 month finalization and deinstallation) x 1,5 Mio. EUR x 1.333/ 
200,000 m? till 425,000 m? = 120 €/m? to 170 €/m? with reducing costs for increasing volumes. 


4 SPECIFIC HEAT STORAGE PRICE 


Subsequently, details for the cost estimation given in Table 1 are described. In this study, 
a storage volume of the vertical shafts of 80,000 m? and 260,000 m3 for the helix have been 
considered. Assumptions for the cost estimation: 

Vertical shafts with large diameters: 


— Access tunnels are required at the top side of the shafts to start the excavation and also on 
the bottom side to access for the removal of excavation material 

— A crane is installed in the cupola above the shafts (two cranes for 4 shafts) these are used 
for evacuation of machines during drill and blast excavation works; they are used for the 
supply of construction materials in the shafts and for the installation of the sealing. They 
remain in place for later maintenance works. 

— First a drilling is lowered to the bottom access tunnel which is subsequently used for 
removal of excavation material 

— The shafts are lowered with conventional drill and blast technique. 

— During blasting the personal and machines are evacuated with the crane. 

— Two large shafts are built in parallel. 


Vertical small diameter shafts: 


— The shafts are made with the raise-boring technique. 
— It was assumed that 8 m diameter is the maximum possible with this technique. 
— Access tunnel to the top and bottom side of the shafts are required. 


Helix: 


— The spiral tunnel (Helix) is excavated with a gripper TBM; the rock quality is sufficient for 
this type 

— Construction time: 2 to 3 years 

— No extra access tunnels are required, the TBM starts at the lower portal and exits at the 
upper portal. 


General: 


— After the finalization of the construction works, the access tunnels are sealed by a concrete 
plug with an incorporated steel gate. 

— The start of filling the caverns can only start after the construction works are finished 
because the temperature around the filled caverns will start rising and work at these 
increased temperatures will not be possible anymore. 
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— All materials used, especially the sealing, is supposed to be designed for a lifetime of at least 


50 years. 

The caverns are filled with desalinated water. The same water that is also used in the distribution 
network. This reduces costs for a heat exchange and also the maintenance works needed. How- 
ever, large amounts of desalinated water is required, which is considered in the cost estimate. 

A sealing is foreseen to have a technically impervious building which (i) minimizes losses of 
the desalinated water and (ii) reduces environmental effects on groundwater 


General assumptions: 


After the finalization of the construction works, the access tunnels are sealed by a concrete 
plug with an incorporated steel gate. 

The start of filling the caverns can only start after the construction works are finished 
because the temperature around the filled caverns will start rising and work at these 
increased temperatures will not be possible anymore. 

All materials used, especially the sealing, is supposed to be designed for a lifetime of at least 
50 years. 

The caverns are filled with desalinated water. The same water that is also used in 
the distribution network. This reduces costs for a heat exchanges and also the main- 
tenance works needed. However, large amounts of desalinated water is required, 
which is considered in the cost estimate. The direct connection to the network also 
requires the situation of the underground structures in the pressure level of the 
network. 

A sealing is foreseen to have a technically impervious building which (i) minimizes losses of 
the desalinated water and (ii) reduces environmental effects on groundwater 


Table 1. Storage cost estimate. 

4 shafts 16 shafts Helix 

V= 81,430 m3 V= 80,425m? V = 262,454 m? 
Cavern excavation [€] 3,134,080 2,534,027 16,183,952 
Rock support, anchors and shotcrete [€] 1,719,080 3,216,991 9,465,216 
Cavern surface sealing [€] 1,176,212 1,608,495 5,048,115 
Technical equipment [€] 368,447 270,000 1,634,723 
First filling (desalinated and 97°C) [€] 651,441 643,398 2,099,630 
Access and connection tunnels - - - 
690 m length, DM 7 m [€] 3,000,777 1,420,769 - 
Construction costs [€] 10,050,037 9,693,680 34,431,636 
Construction costs per m° [€/m?] 123 121 131 
Design [€] 502,502 413,646 1,634,600 
Environmental measures [€] 500,000 500,000 500,000 
Connection to heating network [€] 1,000,000 1,000,000 1,000,000 
Total costs [€] 12,052,538 11,607,326 37,566,236 
Total costs (unit) [€/m?] 148 144 143 
Amortization 
Annual heat losses [k Wh/m*] 21.50 39.70 

16.30 
Interests (0,5%) [€/a] 60,262.69 58,036.63 179,133.03 
Service and maintenance costs [€/a] 100,000.00 100,000.00 100,000.00 
Heat loading 2-times/year [GWh] 7.93 7.80 25.57 
Losses/year [GWh] 1.33 1.73 10.42 
Remaining energy [GWh] 6.61 6.07 15.15 
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From this rough cost estimate resulted specific costs of 140 €/m? —150 €/m? per storage 
volume for the excavation and initial installation of the storages approximately. 

In order to calculate the heat storage price per kWh, a calculation based on a service tem- 
perature spread between 65°C and 97°C, a number of two loading cycles per year and 
a service life of 25 - 100 years have been considered. 

From Smaadahl (2022) an approximate annual heat loss of 16 kWh/m? for the shafts and 40 
kWh/m? for the helix has been calculated, respectively. Note that as compared with standard 
steel storages, the heat loss in rock caverns is reduced by 20% to more than 70% depending on 
the geometries. 

In the economic analysis, annual service costs of 100,000 € have been considered as a rough 
estimated value. The detailed storage cost is shown in Table 1. 

Profitability and repayment time depends mainly on the price spread between purchase and 
sale. Table 2 provides the profit as well as the amortization time as a function of the price 
spread and the storage price for distinct time periods respectively. 

Subsequently, the profitability and amortization time, respectively was assessed, considering 
in addition costs for financing (Interests) and maintenance. In addition, the costs for the heat 
losses were considered with a price for “purchasing” the energy that is stored. 

The “profit” given in Table 2 was calculated by the following terms: 


— “remaining heat energy” per year times the “sales price” for this heat energy. Here, it is 
assumed that the storage is filled two times a year. The heat losses per year are taken from 


Table 2. Profitability and amortization time. 


4 shafts DM 18 m - V: 81,430 m? 


Profit sales price 

purchase price € 0.10 € 0.15 € 0.20 

€ 0.02 341,770 672,132 1,002,494 
€ 0.06 24,388 354,750 685,112 
Amortization period [a] sales price 

purchase price € 0.10 € 0.15 € 0.20 

€ 0.02 35 18 12 

€ 0.06 494 34 18 
Storage price per kWh for 25 years Amortization € 0.097 
16 shafts DM 8 m - V: 80,425 m° 

Profit sales price 

purchase price € 0.10 € 0.15 € 0.20 

€ 0.02 293,050 596,593 900,137 
€ 0.06 -18,950 284,593 588,137 
Amortization period [a] sales price 

purchase price € 0.10 € 0.15 € 0.20 

€ 0.02 40 19 13 

€ 0.06 - 41 20 
Storage price per kWh for 25 years Amortization € 0.103 
Helix DM 8 m - V: 262,454 m? 

Profit sales price 

purchase price €0.10 €0.15 € 0.20 

€ 0.02 724,805 1,482,509 2,240,213 
€ 0.06 -298,135 459,569 1,217,273 
Amortization period [a] sales price 

purchase price € 0.10 € 0.15 € 0.20 

€ 0.02 49 24 16 

€ 0.06 - 78 29 
Storage price per kWh for 25 years Amortization € 0.113 
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the numerical simulation of Smaahdal (2022) assuming a thermal conductivity for the rock 
of 2.4 W/mK. Hence, the “remaining heat energy” that can be sold at a certain price is the 
totally stored energy of two fillings minus the losses. The sales price was varied between 0.1 
and 0.2 €/kWh. 

— From this “income” the yearly expenses are subtracted, which are: 


¢ The yearly service and maintenance costs, here a fix amount of 0.1 Mio € is assumed 

¢ The costs for financing the structure, here an interest rate of 0.5 % for public infrastructure 
is assumed and 

e The costs for purchasing the total energy (losses and remaining heat energy). This “pur- 
chase price” is varied between 0.02 and 0.06 €/kWh (see also Table 2). 


The amortization period is then simply estimated by dividing the total construction costs 
with the annual profit. 

The results of the profitability calculations show, that a positive financial result can be 
expected already at very realistic price combinations of e.g. 0.06 €/kWh as purchase/produc- 
tion price and 0.15 €/kWh sales price an annual profit/Amortization of around 350,000 € can 
be expected which results in an amortization period of around 34 years which is a realistic 
time span for a public infrastructure building with 100 years life-time. For a sales price of 0.20 
€/kWh, which is also a realistic price in the current energy environment, the annual profit 
increases to around 685,000 € and the amortization period decreases to 18 years which can 
already become interesting for private investors and ppp-projects. 

In summary, the detailed calculations above provide an approximate storage price of 
approximately 0.10 €/k Wh. 

This unit price is comparable to storage techniques and represents a robust and long-lasting 
structure. As compared with other energy storages prices, the calculated ranges are far less 
expensive than modern energy storages such as batteries for electricity storage purposes which 
are commonly far above | €/kWh some even above 100 €/kWh. 


5 SUMMARY AND OUTLOOK 


The further development of rock caverns for use as large-volume seasonal heat storage facil- 
ities in urban areas with the aim of making economic heat storage volumes available to micro 
and small producers and consumers as well as industrial producers and consumers has the 
benefit that each consumer and provider is integrated into the system of heat production and 
use in an economic and resource-saving way. 

For large-scale heat storage facilities that are integrated into existing district heating net- 
works, the existing district heating network infrastructures can be used for charging and dis- 
charging the cavern heat storage facility and thus synergies can be used for a resource-saving 
and economic infrastructure. 

In urban areas with a high density of existing buildings, large construction areas are gener- 
ally not available. Therefore, rock caverns, integrated e.g., in the city mountains, represent 
a feasible possibility for the construction of central large-scale heat storage facilities. 

These large underground heat storage facilities are operated with water as a storage 
medium, which is available cost-effectively and in sufficient quantities. In this way, resource- 
saving solutions for current social challenges can be developed using raw materials available 
in the country. 

By placing the reservoir underground, the surrounding rock is partially activated as 
a thermoactivated element. 

Furthermore, rock caverns also enable overpressures and in consequence temperature 
ranges above 100°C. Such district heating network temperatures are common in Austria and 
have the advantage of higher energy densities. 

This research project has shown that rock caverns can be a cost-effective addition to 
large-scale heat storage facilities in district heating networks. In the future, the cavern 
geometry, construction and operation modes shall be further developed and optimized in 
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order to integrate rock caverns as heat storages into district heating networks. The 
cavern geometries shall be optimized with regard to economic construction procedures. 
In this article, a detailed cost estimate was prepared, which documents that the system 
has a remarkably high potential with other storage types, also regarding the economic 
efficiency of implementation and use. 
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ABSTRACT: Sprayed concrete in combination with rock bolts has successfully been used for 
permanent rock support in tunnels for decades. The main shortcoming is that sprayed concrete 
alone is unable to function as permanent waterproofing in tunnels that requires a dry interior 
tunnel surface. Therefore, the trend is final inner linings of cast-in-place concrete or waterproof 
pre-cast segmental lining. In hard rock conditions such concrete linings often represent an exces- 
sive structural design, resulting in unnecessary costs, excavated volume, construction time and 
CO; emissions. The research project SUPERCON, aims to develop a waterproof sprayed con- 
crete, as an alternative to the currently used linings. The research results indicate the feasibility 
of a waterproof sprayed concrete. The concept is presented and discussed. To emphasize the 
effect of the concept, a comparison is made on CO, emissions from cement and excavated 
volume of rock for four different lining types used in road and railroad tunnels. 


1 INTRODUCTION 


Sprayed concrete has been successfully used for permanent rock support for several decades. 
The final inner lining for waterproofing and esthetic purposes has been realized by using cast- 
in-place concrete in many cases, or different types of drainage and thermal insulation shield 
structures for drip protection of the carriageways and railroad tracks. 

The water management in the Scandinavian hard rock philosophy is based on drained tun- 
nels, in which the water seepage is controlled through probe drilling and pre-excavation grout- 
ing (PEG) when required. 

The hard rock ground support philosophy, which has been implemented in the Scandi- 
navian countries, considers the rock mass as the main mechanically load bearing part of the 
tunnel structure. The rock support, consisting of a combination of rock bolts and sprayed 
concrete, has a function of maintaining an intact tunnel contour and a rock mass with as little 
as possible deformations to act as a self-standing structure. The main shortcoming is that 
sprayed concrete alone is unable to function as a permanent waterproofing in tunnels with 
strict requirements to no drips or wet surfaces on the interior tunnel surface. Therefore, the 
trend today is final inner linings of cast-in-place concrete with sheet membrane waterproofing 
or waterproof pre-cast segmental lining. Thus, in hard rock ground conditions the traditional 
use of concrete linings in many cases represent an excessive structural design, as it is not 
needed for rock support purposes, but to function as a permanent waterproofing. 
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The excessive structural design using cast-in-place concrete or other lining structures 
used in the current practice, have a significant impact on cost, excavated volume of rock 
mass, construction time and CO, emissions. Several projects have been successfully com- 
pleted with a lining system based on a combination of sprayed concrete and spray 
applied waterproofing membrane in a continuously bonded structure (Holter 2016). 
However, several technical challenges related to the construction and application process 
have yet to be improved, to make this method a robust method for tunnel applications. 

The research project SUPERCON (Sprayed sUstainable PErmanent Robotized CON- 
crete) aims to innovate a drained waterproof sprayed concrete, as an alternative to the 
currently used linings in road and railroad tunnels, to reduce excessive use of concrete 
and reduce the excavated volume of rock mass. This would further lower costs and 
reduce the construction time. The research project is currently being carried out at 
SINTEF, NTNU and NGI in collaboration with the tunnelling industry, as well as 
public owners. 


2 TECHNICAL BACKGROUND 


2.1 Sprayed concrete, function as support and lining 


The rock support, consisting of a combination of rock bolts and sprayed concrete, has 
a function of maintaining an intact tunnel contour and a rock mass with as little as possible 
deformations to act as a self-standing structure. Under such conditions, the rock support will 
only be exposed to local loads and mostly receive very low loads when exposed to the weight 
of loose or deforming blocks of rock. A significant part of the lining will under such condi- 
tions be a mechanically passive structure. 

The addition of fiber reinforcement or the use of mesh for sprayed concrete increases its 
post-cracking performance, also referred to as the sprayed concrete’s toughness (Bernard & 
Thomas, 2020). The use of mesh is uncommon in Scandinavian countries with regards to hard 
rock tunnelling. 

As of today (2020) the minimum required thickness for sprayed concrete in Norwegian traf- 
fic tunnels (rail, road and metro) is 80 mm. This thickness requirement is based on durability 
consideration in order to assure a service lifetime of 100 years under normal exposure 
conditions. 

The continuous development of the sprayed concrete technology has led to improvements 
in several areas. These comprise improved constitutive materials and application process, 
improved technical performance of the in-situ sprayed concrete, increased predictability of the 
function of sprayed concrete linings, as well as more detailed and consistent technical specifi- 
cations of material requirements. 

The main function of a sprayed concrete lining in today’s practice is to provide permanent 
ground support. This means the following: 


— Material properties, in-situ applied, to suit the need for effective ground support in hard 
rock and weakness zones 

— Long term durability under the given exposure to geomechanical, hydrogeological and geo- 
chemical conditions with respect to the design service lifetime of the project 


Recent research (Holter, 2015) has also demonstrated that the intact sprayed concrete 
material, when constructed according to strict material requirements (Norwegian Con- 
crete Association, 2011), has an extremely low hydraulic conductivity and is literally 
impermeable from a practical perspective in a tunnel. Furthermore, the sprayed concrete 
material exhibits a significant water vapor permeability. Subject to the gradient in rela- 
tive air humidity, in reality the gradient in the partial pressure of water vapor, from the 
tunnel air to the concrete pores near the rock-concrete interface, a moisture transport 
through a sprayed concrete lining in the form of vapor transport from the rock mass to 
the tunnel air will take place. 
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2.2 Layout of lining 


Traffic tunnels in hard rock have traditionally in Scandinavian practice been constructed with 
a permanent rock reinforcement lining and a separate inner water drip and frost protection 
structure. This structure acts as a drainage shield and leads seeping water to the invert, hence 
protecting the carriageway from drips (Broch et al. 2002). In order to manage the water ingress 
to the tunnel as well as the effects on the groundwater, a pre-grouting program is always part of 
this tunnel design method. The tunnel structure will be permanently drained, as illustrated in 
Figure 1. Recent technical developments have led to improvements of the drip protection lining 
system in the form of concrete segments for highway tunnels with high traffic density. For rail- 
way tunnels, the trend has been to implement the central European cast-in-place concrete lining 
methodology (Holter et al. 2013). The two lining systems are shown in Figure 2. 
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Figure 1. Principal sketches of drained tunnel lining system in a rock tunnel in Scandinavian practice. 
Left: The layout of the lining system (after Broch et al. 2002) Right: The in-situ groundwater pressure 
situation around a completely drained tunnel. 


Figure 2. Photos of two completely drained lining systems from modern traffic tunnels. Left: The 
Nordic drip and freeze insultation lining system based on concrete segment structure. Courtesy A. Hom- 
leid. Right: the conventional cast-in-place concrete lining system, Ulvin railroad tunnel, Norway. 


3 LAYOUT OF TECHNICAL SOLUTION WITH WATERPROOF SPRAYED 
CONCRETE 


The functional perspective for the SUPERCON lining concept originates from the docu- 


mented properties of undrained and partly drained concrete lining with waterproofing mem- 
brane (Holter 2016). In a hard rock tunnel this lining concept utilizes the effect of the 
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increased hydraulic conductivity in the excavation damage zone (EDZ). The water that seeps 
through fissures and fractures in the rock mass outside the EDZ, is drained through the EDZ 
towards the invert of the tunnel, reducing the groundwater pressure close to the lining, as illus- 
trated in Figure 3. The water in the invert is collected in the tunnel drainage system. The 
drainage effect of the EDZ has been investigated in four different research works (Holter 
2014, Holter 2015, Nilsen 2019 and Aas 2020). The draining effect of the EDZ has been inves- 
tigated for maximum 5 bar of hydrostatic water pressure. 

The proposed SUPERCON lining, with a waterproof sprayed concrete, will consist of 
a regular sprayed concrete layer for rock support purposes covered by a waterproof 
sprayed concrete as the inner and final layer. Figure 3 shows an illustration of the layout 
for a lining concept with waterproof sprayed concrete. The proposed lining system has 
many similarities to the system which uses sprayed concrete and a waterproofing membrane 
(Holter 2016). 

The SUPERCON project has investigated the main sources of seepage through the concrete, 
to fully understand the challenges a watertight sprayed concrete need to overcome. Further, 
innovative mix designs with significantly reduced cement content have been tested in laboratory 
scale and full-scale tests in tunnels. Some of the sprayed concrete mixes have shown very good 
performance regarding reduced shrinkage induced cracking and reduced water seepage though 
artificially made cracks. Some of this work has been published in Holter et al. (2023). 
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Figure 3. Illustration of the concept with waterproof sprayed concrete with a partly drained tunnel. 
Left: shows the effect of the EDZ. Right: shows the rock support of sprayed concrete in grey, and the 
waterproof sprayed concrete in yellow. 


4 ENVIRONMENTAL FOOTPRINT ASSESSMENTS 


For the assessment of environmental footprint from different lining types, three types of 
recently used linings in Norwegian tunnels are represented, in addition to the lining with the 
most promising sprayed concrete mix from SUPERCON. The lining types are briefly 
described as follows: 

Lining type I (Cast-in-place) is common during excavation with drilling and blasting; the 
first stage of the lining is the initial rock support which includes a layer of sprayed concrete 
and rock bolts, followed by a levelling layer of sprayed concrete. The final layer of the lining 
is concrete casted by the use of formwork. This type is commonly used in railroad tunnels 
where the load from the air surge caused by passing trains is heavy. 

Lining type 2 (pre-cast segmental lining) is an example from the recently built Follo Line project 
in Norway, a twin tube railway tunnel connection between Oslo and Ski, excavated by using 
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TBM’s. The segmental lining was installed shortly behind the TBM. The annular space between 
the pre-cast lining and the rock mass was backfilled with a cementitious grout (Kalager & Gam- 
melszeter, 2019). 

Lining type 3 (Pre-cast concrete elements), is the Norwegian traditional system, typically 
used in road tunnels. The first stage of the lining includes a layer of sprayed concrete and rock 
bolts, to establish an initial and permanent rock support. Further an inner shield is con- 
structed with pre-cast elements in the walls, and water and frost protection in the arch consist- 
ing of PE-foam mats, covered with sprayed concrete as fire protection. An annular space of 
approximately 50 cm between the sprayed concrete and the inner shield remains open. 

Lining type 4 (waterproof sprayed concrete lining) is the proposed innovative lining pre- 
sented above. It consists of a layer of sprayed concrete and rock bolts for the permanent rock 
support, and then a layer of the waterproof sprayed concrete (SUPERCON concrete). 

According to Ecoinvent 3, based on Wernet et al. (1989) plain concrete with cement with 
200 kg/m? CEM II/B approximately 88% of the CO2-equivalents are from cement. To empha- 
sise the environmental effect regarding the carbon footprint, it is chosen to present basic 
examples by mainly using the cement in the concrete. The calculations consider Al-A3, which 
is the acquiring of raw materials, transport to manufacturing facility, and the manufacturing 
process (NS-EN 15804, 2013). Hence, this perspective of this comparison of the environmental 
impact of the different types of tunnel linings is conservative. 

Table 1 shows the cement content of concrete and thickness of the different elements in 
each type of lining for a tunnel with an inner diameter (diameter of the theoretical profile) of 
10.5 metres. For lining type 3 the PE-foam sheets are included in the CO, accounting, as this 
type of water and frost protection is not required in the other types of tunnel lining. 


Table 1. Overview of composition and thickness of four different types of tunnel lining. 


Lining type Description CEM II/B [kg/m3] Thickness [m] 


1 SC ground support 470 0.1 
SC levelling layer 470 0.1 
Cast-in-place concrete lining 400 0.3 
2 Pre-cast segmental lining 400 0.4 
Cement grout-based backfill 350 0.2 
3 SC ground support 470 0.1 
Open space 0 0.5 
PE foam mat 0 0.04 
SC Fire protection 470 0.085 
Pre-cast elements 400 0.2 
4 SC ground support 470 0.1 
SC Supercon 450 0.08 


According to the EPD for Norcem Brevik FA CEM II/B-M (NEPD-227-1028-NO, 2020) 
the production process (Al-A3) gives approximately 582 kg CO ,-eq. per tonnes cement. 
According to the EPD for ISOLON TX Cross-linked PE foam the production (A1-A3) of PE 
foam mats gives approximately 14.6 kg CO, equivalents per m’. 

The bar plot in Figure 4 left, presents the calculated consumption of CO -eq. for the four 
different types of lining. Lining type 1 (cast-in-place concrete) is an approach that requires 4.5 
tonnes cement per metre tunnel, which results in 2.6 tonnes CO>-eq. per metre tunnel lining. 
Lining type 2 (Pre-cast segmental lining) requires 8.8 tonnes cement per metre tunnel, which 
results in 5.1 tonnes CO>-eq. per metre tunnel. Lining type 3 (Pre-cast elements) requires 2.1 
tonnes cement and 13 m? PE foam mat per metres tunnel, which results in a total of 1.4 
tonnes CO -eq. per metre tunnel. Lining type 4 (multi-functional layer of sprayed concrete) 
requires 2.0 tonnes cement per metres tunnel which results in 1.0 CO -eq. per metre tunnel. 
Both the lining types 1 and 2 are extreme cases regarding cement consumption. For Lining 
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Figure 4. Left: CO, eq. per linear meter tunnel for cement used in the lining. For lining type 3, CO, eq. 
per production process of PE-foam mats are included. Right: Required excavated volumes needed to 
obtain a diameter of 10.5 meters theoretic profile for the four different types of tunnel lining. 


type 2, pea gravel could be used instead of cement-based backfill, but the CO2 eq. from the 
concrete lining alone results in 3.5 tonnes CO,-eq. per metre tunnel lining. 

These types of heavy structures are mostly unnecessary in tunnels excavated in good quality 
rock masses with self-supporting properties, as frequently encountered in most Scandinavian 
tunnelling projects. Lining types 3 and 4 are quite similar compared to the other two lining 
types, but a reduction of approximately 300 kg CO>-equivalents per linear metre tunnel is 
quite significant considering a large tunnelling project. 

Furthermore, the lining types require different amount of space, which means different exca- 
vation volumes, to obtain the same theoretic profile of the tunnel, as shown in Table 1 and 
Figure 4. For a TBM-excavated tunnel (lining type 2), the excavated volume is significantly 
larger due to the circular shape, for tunnels excavated with drilling and blasting (lining type 1, 3 
and 4) the space is horseshoe shaped, reducing the excavated volume. When comparing the 
lining types with similar excavation profile shape, the estimation shows that the traditional 
lining types 1 and 3 need respectively 10 % and 20 % more excavated rock mass than for the 
SUPERCON lining (lining type 4). This gives a significant environmental impact as it increases 
use of explosives, mass transportation and volume of blasted rock that need to be disposed. 

Due to the relatively high cementitious binder content, sprayed concrete itself carries a high 
carbon footprint. The benefit in this context relates to the total required concrete layer thick- 
ness which can be significantly reduced and the reduction in excavated volume. 

The preliminary SUPERCON mix has a slightly different composition than an ordinary 
sprayed concrete mix. A comparison of the CO, emissions for ordinary sprayed concrete and 
the SUPERCON sprayed concrete has been conducted, to demonstrate that the CO, emis- 
sions from waterproof spayed concrete does bring a significant change in the comparison 
between the lining types. 

The reference mix, shown in Table 2, sprayed in the SUPERCON field trials at Drammen is 
used as a reference for ordinary sprayed concrete in this comparison. This mix design can be 
considered representative for rock support in Norwegian tunnelling. The calculation for the 
following considers A1-A3. Figure 5 shows that the total CO? eq./m* of the SUPERCON con- 
crete is slightly higher than for the reference mix. CO? eq./m? is 316,4 for the reference mix 
and 355,7 for the SUPERCON mix. The major contributors to CO? emissions in both mixes 
are mainly cement and steel fibers, however the EVA polymer adds a sizeable CO? contribu- 
tion in the SUPERCON mix. The addition of microsilica is not included in these calculations 
because it is considered a by-product of the industrial silicon and ferroalloy production. Sev- 
eral of the other SUPERCON sprayed concrete mix designs have the potential for even better 
performance compared to ordinary sprayed concrete regarding environmental impact. 
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Table 2. Constituents of reference mix and SUPERCON mix. 


Reference mix SUPERCON mix 
CEM II/B-M [kg/m*| 471 449.7 
Microsilica fume [kg/m°] 19.6 18.7 
Matrix volume [l/m°] 438 438 
Water/binder ratio 0.42 0.42 
Superplasticizer [%] 0.9 0.9 
Air entrainment [%] 0.1 0.1 
Steel fibers 3D 80/30 [kg/m*] 40 40 
Aggregate, 0-8mm [kg/m*] 1402.6 1402.6 
Limestone filler [kg/m*] 122.7 117.1 
Hydration accelerator [%] 0 2.6 
EVA Polymer [kg/m*] 0 20.02 


SUPERCON mix 


100 fo 200 250 300 350 400 


CO, equivalents per m? concrete 


® Norcem Standard FA æ Limestone Filler = Aggregate » Superplasticizer 


# Hydration Accelerator « EVA Polymer = Steelfiber 


Figure 5. Comparison of CO, equivalents per cubic meter concrete for reference mix and SUPERCON 
mix for sprayed concrete. 


These examples indicate that by optimizing the functionality of sprayed concrete to become 
a final inner lining, the carbon footprint from tunnel construction can be reduced to a large 
extent. Construction time and costs can also be significantly reduced. 


5 DISCUSSION 


With today’s knowledge, the presented concept has the following areas of use: 


e Applicable in hard rock with a self-bearing capacity 

e Applicable in tunnels and caverns excavated by drilling and blasting 

¢ The draining effect of the EDZ has been investigated for maximum 5 bar hydrostatic water 
pressure 

* In areas with a water ingress > 5 litres per minute per 100 metres tunnel, pre-excavation 
grouting should be performed to reduce the conductivity in the rock mass outside of 
the EDZ. 


Most Norwegian tunnelling projects are based on rock support practice in hard rock with 
self-bearing capacity. This enables the use of rock reinforcement based on sprayed concrete in 
combination with rock bolts. Furthermore, PEG is a routine procedure in all tunnels exca- 
vated with drilling and blasting in Norway. 
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6 CONCLUSIONS 


The permanent rock support based on sprayed concrete and rock bolts in Scandinavian prac- 
tice is a proven approach for several decades. However, the current practice for final inner 
linings is unable to meet modern demands for sustainability. The presented concept enables 
a more sustainable solution regarding cost, excavated volume, construction time and CO, 
emissions. Utilization of effects from the excavation damage zone from blasting and perman- 
ent rock support combined with a watertight sprayed concrete would give a significant reduc- 
tion in cement consumption, CO, emissions and amount of excavated rock in tunnels. 
Consequently, this would lead to reduced costs and excavation time. The SUPERCON 
research project has demonstrated several significant possibilities to reach the goal of con- 
structing waterproof tunnel linings which are entirely based on sprayed concrete. The final 
results from the SUPERCON project are yet to come, and hopefully the results from the pro- 
ject could contribute to more effective tunneling with less CO, emissions. 
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ABSTRACT: Bentonite is the commercial name of a class of materials composed mainly of 
montmorillonite, which may also contain kaolinite, feldspars, micas, cristobalite and quartz. 
Such product is widely used for different civil engineering applications such as foundations 
(piles and diaphragm) and tunnel excavations (TBM, Micro-TBM and other no-dig technolo- 
gies). This paper presents the results of a Research program developed by ITALFERR and 
GEEG including an experimental investigation based on the analysis of geotechnical and 
chemical properties of bentonite-based slurries in order to compare and identify the main 
properties of fluids prepared either with natural or polymer-modified bentonites. The inter- 
action of the drilling fluids with the environment is an extremely delicate issue that must be 
carefully addressed during the design and construction phases. This study aimed at acquiring 
knowledge and defining best practices for the proper management of drilling fluids and the 
sustainable reuse of soils and rocks during and after the excavation. 


1 INTRODUCTION 


1.1 Civil engineering applications 


Bentonite slurries are widely used since decades in two macro-sectors in the field of civil engin- 
eering: the construction of vertical drilling, such as piles and diaphragms walls or deep drilling 
for gas/oil extraction, and horizontal perforations, such as the excavation of tunnels with 
TBM, Micro-TBM and other no-dig technologies. During vertical drilling, the use of benton- 
ite suspensions allows hole stabilization by sealing the walls, preventing collapse during exca- 
vation operations, and allows the transport of the solid material out of the excavation. In 
tunneling and microtunnelling, bentonite slurry has a dual role: on one hand, it is used to sta- 
bilize the excavation walls and transport resulting materials outside before laying the final 
coverage, as in the case of piles and diaphragms; on the other hand, it acts as lubricant avoid- 
ing or reducing consumption on excavation tools. Therefore, a drilling fluid, in general, must 
perform several functions: i) Borehole support and stabilization; ii) Debris transport to the 
surface; iii) Friction reduction between the excavation tools and the borehole walls; iv) Exca- 
vation tools cooling and cleaning. 

Bentonite fluids are obtained by adding to the water a few percentage units by weight of 
bentonite (usually between 4.5% and 9%), mixing the solution and leaving it to rest to ensure 
the dispersion and hydration of the particles. 
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Bentonite is a clay essentially based on montmorillonite (over than 80%) and secondary 
minerals as quartz, calcite and micas (Besqa et al., 2003) used for the preparation of drilling 
water-based fluids thanks to the adsorption of water and, as a consequence, the swell up of its 
volume (Jock Asanja et al., 2019) according to well-known mechanisms (Zou et al., 2022). 
The attractive and repulsive forces between clay particles (Coulombic and van der Waals) are 
responsible for the rheological behavior of the fluid (Alemdar et al., 2005). Bentonite fluids 
exhibit a non-Newtonian and thixotropic behavior. When a shear stress is applied the material 
transitions from a three-dimensional high-viscosity gel network to a fluid state because of the 
orientation of the mineral particles in the stress direction and the break of the gel structure; 
such gel network is restored when shearing is removed (Klessidis, 2008). Only in the case of 
very low concentrations such suspensions exhibit Newtonian and pseudoplastic behavior 
(Power law) (Huang et al., 2016). 

Natural bentonites include sodium or calcium montmorillonite that differ in terms of 
hydraulic conductivity when adopted in water fluids mud (Barats et al., 2017); other commer- 
cial bentonite formulations are available including additives (electrolytes, surfactants and 
polymers) to induce changes on the interfacial region between clay particles for the modifica- 
tion of the clay dispersion in water and its rheological behavior (Alemdar et al., 2005). Among 
polymers starch (Dias et al., 2015), guar gum (Anderson, 1974), xanthan gum (Navarrete, 
2000) and cellulose-based materials (Iscan et al., 2007) are example of natural polymers, while 
as synthetic ones, polyacrylamide and polyacrylates (Yan et al., 2013; Nunes et al., 2014; Bin- 
qiang et al., 2021) were tested. 

Although the effect of the additives is well exploited in literature, poor information on 
environmental impact of polymer modified bentonites are available. To this purpose, the aim 
of this work is to provide a detailed characterization in term of geotechnical and chemical 
properties of bentonite (natural and polymer-modified) to assess a systematic approach for 
the evaluation of the possible impact of bentonite residue on excavated soils coming from 
drilling operations. 


1.1.1 Borehole stabilization and support 

The thixotropic properties of bentonite slurry allow to stabilize the excavation in order to per- 
form the concrete casting through the formation of a millimeter-thick film called “cake”, “mud- 
cake” or “filtercake”, on the hole walls. Because of filter cake low permeability, an effective 
stabilizing pressure is applied to the borehole surface, which is equal to the difference between 


the pressure of the slurry inside the borehole and the interstitial pressure of the soil water. 


1.1.2 Transport and separation of soils debris 

Beside supporting the excavation walls, bentonite slurry is also used to transport excavated 
soil to the surface and outside the borehole. During excavation works, bentonite slurry density 
plays a decisive role by keeping the spoil in suspension. Stability properties also become 
important, which is the ability of the bentonite to remain homogeneously dispersed in the 
water avoiding separation or sedimentation phenomena. The sludge circulation system con- 
veys the drilling fluid containing the suspended excavation debris to a separation plant; this 
mechanical process led to the separation of coarse particles (debris), fluid (water) and fine par- 
ticles (bentonite) by the use of screening machines, a centrifuge, a filter press system, or simple 
settling tanks equipped with hydrocyclones. By the separation it is possible to recover the 
solid spoil deprived of most part of the bentonite sludge and recirculate the bentonite fluid in 
the drilling process. 


1.1.3 Lubrication and friction reduction 

In underground works construction (hydraulic, railway or road tunnels), where trenchless 
technologies such as microtunnelling, pipe pushers or Tunnel Boring Machines are exploited, 
bentonite or polymers also allows the lubrication of the equipment. In fact, lubricating action 
is needed due to the size of the excavation face and due to the extent of friction between the 
excavation tools and the soil/rock. 
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1.1.4 The use of bentonite in the construction of piles and diaphragms walls 

In piles and diaphragms walls realization, the amount of bentonite is contained in the filter- 
cake inside the borehole. Thickness of the filtercake layer depends on the soil grain size and 
varies in a range of a few millimeters. The tightness of the filtercake limits the interaction 
between bentonite and surrounding environment during the drilling activities. Environmental 
impacts of bentonite usage could only be related to interaction with the crossed lithologies, to 
the following phases of reuse of the excavated soil (spoil) and to the final disposal of bentonite 
slurry at the end of the activities. Potentially critical issue seems to be related mainly to the 
use of polymer-modified bentonites, that will be further explored in this paper. 

Concerning railway infrastructures, the construction of retaining structures (piles, micro- 
piles and diaphragm walls) with the use of bentonite and/or polymers will have to be imple- 
mented in line with indications contained in the General Technical Specifications for Civil 
Works, Part II, Sections 7 and 8 (piles and bulkheads). As specified in the specifications for 
piles and micropiles, the reference standards related to the properties of stabilizing slur- 
ries are: 

- UNI EN 1536:2015 “Performance of special geotechnical work - Bored piles”; 

- UNI EN 1538:2015 “Execution of special geotechnical works - Diaphragm walls”. 

The following Table | shows the characteristics of bentonite fluids indicated by the stand- 
ards given in the RFI contract specifications. 


Table 1. RFI standards for bentonite fluids. 
Property Fresh Before the use 


Density [g/ml] <1.10 <1.25 

Marsh viscosity [s] From 32 to 50 From 32 to 60 
pH From 7 to 11 From 5 to 12 
Filtercake [mm] <3 <6 


2 MATERIALS AND METHODS 


2.1 Bentonites and fluids preparation 


To provide a comprehensive comparison between different drilling water-based fluids, differ- 
ent bentonite types were chosen. The bentonites utilized in this activity can be classified as 
natural sodic (named hereafter “A”), extended with natural polymer (“B”) and extended with 
synthetic polymer (“C”). 

The fluids were prepared according to the API 13A standard, setting the mixing speed equal 
to 1200 rpm, using tap water. 


2.2 Geotechnical characterization 


To determine the physical and mechanical characteristics of the chosen bentonites, and thus 
of the drilling fluids, several tests were performed. Specifically, the Atterberg liquid limit was 
determined for each bentonite using the Casagrande apparatus to establish the moisture con- 
tent at which the bentonite transitions between plastic and liquid state. 

The geotechnical characterization was performed on the fluids at different water/bentonite 
ratios based on the following tests: 


— Marsh funnel viscosity: time, in seconds, for one quart of fluid to flow through a Marsh 
funnel (UNI 11152-13). This test was performed on fresh fluid and after 24 hours from the 
fluid preparation; 

— density: ratio between fresh fluid mass and its volume, in this case equal to 250 mL; 
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— fluid loss and filtercake thickness: volume of filtered liquid and thickness of the cake 
obtained through a filter press set at 7 bar for 22.5 minutes (API 13A). This test was per- 
formed on fresh fluid and after 24 hours from the fluid preparation; 

— bleeding: volume of water that bleeds from a fluid sample after 24 hours. 


2.3 Chemical characterization 


The chemical characterization of the bentonite fluids was conducted according the following 
methods: pH (CNR IRSA 1 Q 64 Vol 3 1985); Solid residue at 600°C (CNR IRSA 2 Q 64 Vol 
2 1984); sulfate concentration (EPA 9030B 1996 + EPA 9034 1996); fluorides concentration 
(EPA 9056A 2007); chloride concentration (EPA 9056A 2007). 

In the technical data sheets the details of the organic molecules, where used, are not 
reported and specific analysis for their determination were not performed being patented pro- 
tected commercial products. For this reason, in the present investigation the overall param- 
eters as Total Organic Carbon (TOC) (UNI EN 13137:2002 Method A) and Chemical Oxygen 
Demand (COD) (ISO 15705:2002) were considered for the evaluation of organic substances 
concentration in the prepared fluids. In addition, metals concentration (UNI EN 13657:2004 
+ UNI EN ISO 11885:2009) was provided. 


3 RESULTS AND DISCUSSION 


3.1 Geotechnical results 


The results of the geotechnical characterization are summarized in this section. As shown in 
Figure 1, the presence of the polymers in the extended formulations (B and C) clearly increases 
the liquid limit. In all the cases, the limits are above the technical threshold request for drilling 
operations and such increase in liquid limit provided by the presence of the polymer influences 
the dosage of bentonite for the preparation of the drilling fluid. In fact, by maintaining the 
same properties, such as viscosity, the dosage of the extended bentonites is lower than that of 
the natural one. 
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Figure 1. Liquid limit of the bentonite fluids based on natural bentonite (A), extended with natural 
polymer (B) and extended with synthetic polymer (C). 
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What previously discussed in term of limit liquid is confirmed by the results summarized in 
Table 2, where the difference in terms of concentration of bentonite used for the preparation 
of the drilling fluids is clearly highlighted. In addition, the results of the tests performed on 
the fresh mixtures are reported in terms of Marsh viscosity, density, fluid loss and filtercake 
thickness. Even if the bentonite was used at different concentrations, the same trend was 
observed in all tests; specifically, an increase of Marsh viscosity, density and filtercake thick- 
ness was measured with the increase of bentonite concentration while, an opposite trend was 
recorded in terms of fluid loss. 


Table 2. Parameters measured on fresh bentonite fluids. 


concentration Marsh viscosity density fluid loss filtercake 
bentonite % s g/cm? mL mm 
6.04 36 1.011 17.2 1.673 
A 7.28 41 1.013 15.2 2.040 
8.02 50 1.018 14.0 2.350 
5.28 36 1.010 16.8 1.173 
B 6.04 40 1.011 16.0 1.540 
7.04 54 1.022 14.8 1.620 
3.18 35 0.990 17:2 0.740 
C 3.71 40 0.997 16.0 0.720 
4.24 47 0.993 14.8 0.906 


The trends were maintained after 24 h from the fluid preparation (before the use Table 1), 
as reported in Figure 2. Furthermore, Marsh viscosity (Figure 2a), filtercake thickness 
(Figure 2b) and fluid loss (Figure 2c) were lower than the thresholds defined by technical 
requirements discussed above. Measured bleeding was equal to zero for all the tested fluids. 

The results of the geotechnical tests, allowed to identify the optimal concentration of the 
bentonites for the preparation of high performant fluids with a low impact both from eco- 
nomic and environmental perspectives. In particular, the optimal concentrations were 6.04% 
for bentonite A, 5.28% for bentonite B and 3.18% for bentonite C. 


3.2 Chemical results 


During the excavation activities, the excavated soil is in contact with the drilling fluids and, 
after the final separation, a residue of bentonite can be found into the solid debris. According 
to the Italian Legislation for the evaluation of soils quality and their reuse, the chemical com- 
position of the soil must be in compliance with specific thresholds (column A of Table 1 in the 
Annex 5 of D.Lgs, 152/2006 Part IV). For this reason, a general characterization in term of 
ions and organic substances was conducted to establish possible contaminants that can be 
found during the drilling operation and the use of bentonite-based fluids (Table 3). Then, 
a detailed characterization in term of metals (Table 4) is proposed as request by the specifica- 
tion for the excavated soil reuse. 

The fluids prepared at the optimal concentration of bentonite founded through the geotech- 
nical investigations, were analyzed to identify chemical properties and composition. The alka- 
line nature of the fluids is highlighted by the high pH values reported in Table 3 and, from 
a technical point of view, such values are in line with the limits reported in Table 1. However, 
in an environmental point of view, such fluid, if not properly prepared, can penetrate the 
interstitial spaces of the soil causing an environmental alteration with a release of sulphides, 
sulfates, chlorides and fluorides (Table 3). The presence of polymers in the formulation 
C allows to reduce the bentonite content and, as a consequence, to reduce the solid residues 
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Figure 2. (a) Marsh viscosity, (b) filtercake and (c) fluid loss of bentonite fluids after 24 h. 


Table 3. Chemical characteristics of bentonite fluids. 


Bentonite A B C 

pH 10.25 9.95 9.87 
Solid residue (600°C) 5.04 4.11 2.89 
COD (mg/l) 308 278 482 
Fluorides (mg/l) 16.5 17.2 15.7 
Chlorides (mg/l) 89 67 73 
Sulphide (mg/l) <0.93 <0.93 <0.93 
Sulfates (mg/l) 518 508 234 
TOC (%) <0.30 <0.30 <0.30 


(evaluated at 105°C and 600°C) and the sulfate content. Interesting are the results in term of 
COD values: in the fluid C it was observed an increase of the COD of about 56% respect to 
the natural formulation A. This cannot be associated to the only polymer because no differ- 
ence in the TOC values was revealed (lower that the detection limit). 

The metals found in the bentonite fluids, whose limits concentration in soils are regulated 
by the D.lgs. 152/2006, are summarized in Table 4. The addition of polymers (natural or syn- 
thetic) in the formulations B and C not only contributed to reduce the bentonite concentration 
but acted as diluting agent of the metals provided by the bentonite itself. In particular, metals 
as antimony, cadmium, chrome, lead were found with lower concentration in the polymer 
modified fluids. 


165 


Such results are relevant because allow to predict a priori the quality/composition of the 
debris and evaluate its possible reuse. The additional contribution in terms of metals provided 
by the residual fraction of bentonite can be evaluated by means of a material balance, once 
the chemical composition of the debris is known. 

Of course, this presumptive study must be confirmed by tests with a simulation of debris 
separation and chemical characterization of debris with bentonite residue. 


Table 4. Metal concentrations in the bentonite fluids. 


Bentonite A B C 
Metal Metal concentration (mg/kg) 
Arsenic 0.839 0.879 1.3 
Antimony 0.983 <0.32 0.365 
Beryllium <0.059 <0.057 <0.05 
Cadmium 0.0959 0.0694 0.0608 
Cobalt 0.839 0.509 0.709 
Chromium 1.2 0.601 0.628 
Chromium IV <0.37 <0.37 <0.38 
Mercury <0.14 <0.14 <0.12 
Nickel 0.624 0.532 0.324 
Lead 1.06 0.578 0.608 
Copper 1.73 1.13 1..24 
Selenium <0.19 <0.18 0.324 
Tin 0.168 <0.15 0.263 
Thallium <0.22 0.231 <0.18 
Vanadium 4.27 4.21 3.06 
Zinc 3.74 2.27 2.13 


4 CONCLUSIONS AND FUTURE DEVELOPMENTS 


The objective of this work was to provide a detailed characterization of bentonite-based drill- 
ing fluids and to point-out the differences between natural and polymer extended formulation 
in terms of geotechnical and chemical properties. The geotechnical characterization is neces- 
sary for the preparation of a high performant drilling fluid and the chemical one is fundamen- 
tal for the evaluation of the potential negative impact of drilling fluids during the activities. 
Moreover, for the purposes of encouraging the reuse of soils and rocks from excavation it is 
particularly important to evaluate the eventual alteration of the chemical composition of the 
debris because of the residual traces of bentonite slurries after the separation process. 

The presence of the polymers in the bentonite formulation contribute in the reduction of 
bentonite dosage in fluid preparation without compromising the performances; in a chemical 
point of view there is a general slight decrease in terms of ions and metals due to the low ben- 
tonite content in the polymer extended formulation. In any case, chemical analyses of debris 
with bentonite residue are necessary to confirm the feasibility of an a priori evaluation of 
debris quality after the drilling operations and separation. 
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ABSTRACT: The purpose of backfill grout injection is to immediately fill voids left by the 
TBM body between the tunnel wall and the segmented blocks, preventing subsidence in the sur- 
rounding ground structure. The backfill material must resist various shear behaviors during tunnel 
operation. When cement is used as the primary material for grout, two significant problems can 
occur. First, the cement-based material has a small damping ratio. Therefore, stability against 
dynamic loading is low. Second, cement causes serious environmental problems because it causes 
alkalization due to its direct contact with the ground. Biopolymer-soil treatment improves strength 
and stiffness and has injection capabilities and permeability reduction effects, showing potential as 
a tunnel grouting material. However, the performance related to dynamic load has not been evalu- 
ated much. Therefore, applying biopolymer-based backfill grouting material will be evaluated 
through cyclic direct simple shear test by acquiring various types of geotechnical properties of the 
biopolymer-treated soil. 


1 INTRODUCTION 


Indirect capital for social transportation, residential areas, and various facilities required due to 
the increase in the urban population continues to increase in demand. In particular, in Korea, 70% 
of the country is made up of mountains, and more than half of the total population is concen- 
trated in urban areas, so it is urgent to secure space to cope with this. The development of under- 
ground space is essential to solving the problem of above ground. To solve the mobility problem, 
which accounts for a significant part of economic activity, especially in the underground space, 
expansion of tunnel facilities is essential. Tunnels have been constructed in the past by conven- 
tional excavation methods such as blasting methods. However, when constructing in downtown 
areas, the conventional methods are not suitable because it causes vibration and noise. As an alter- 
native, the use of TBM (Tunnel Boring Machine) has been increasing for utility tunnels that can 
contain water, sewage, electricity, and communication in an underground tunnel all at once. 

TBM is a type of large-scale drilling machine used for tunneling. It was produced for the first 
time by Robbins of the United States in 1952 and has been widely used in Japan and the Alps, 
where there are many mountainous areas. Different types of TBM are used depending on the 
ground condition (Barla & Pelizza, 2000). Since it is difficult to grasp the exact status of the 
ground condition within all ranges with the current technology, it is difficult for the TBM to exca- 
vate and make a perfect circular shape of the excavation surface. Instead, concrete parts called 
segments are installed in TBM to prevent groundwater inflow or tunnel collapse after TBM exca- 
vation. However, since there is a gap between the segment and tunnel excavation surface, 
a grouting material and segment backfill is injected on the back side of the segment to prevent the 
unstable condition. 
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The main goal of the backfill is to minimize surface settlements due to any over-excavation 
generated by the passage of the TBM (Guglielmetti & Mahtab, 2007, Maid] et al., 2013, Pelizza 
et al., 2010, Vinai et al., 2008). Thus, the back-filling operation has to include the following 
(Bappler, 2008, EFNARC, 2005, Thewes & Budach, 2009, Vinai et al., 2008): 


VJ lock the segmental lining into position, avoiding movement owing to both segmental self- 
weight and the thrust forces, hoop stresses, generated by the TBM; 

v bear the loads transmitted by the TBM back-up weight; 

Jv ensure a uniform, homogeneous and immediate contact between the ground and the lining; 

VJ avoid puncture loads by ensuring the application of symmetrical and homogeneous loading 
along the lining; 


Numerous numerical studies have examined the stability of segment backfill after TBM 
excavation in soft ground and subsidence-sensitive areas (Liu et al., 2020). However, since this 
study looks at the stability of backfill for only static loadings, such as tunnel depth, settlement, 
and void ratio. Resistance to dynamic loading is not considered. Of course, it is said that 
underground structures have higher stability against seismic loading than above-ground struc- 
tures, but in the current situation where the threat of earthquake and liquefaction is increasing 
(Ardeshiri-Lajimi et al., 2016) research is needed. 

Recent records show that the frequency of earthquakes is increasing in Korea. Therefore, 
a study on resistance to seismic events is needed when many underground structures and high-rise 
buildings are being constructed due to population growth. Mainly, the grouting material is made 
based on cement. The reason for using cement as a backfill grout material is that it mixes well with 
water. The hardening time after injection is short when used as a grout material, so it is currently 
the most used. However, while cement-based materials have very high stiffness, they may be vul- 
nerable to cyclic loading which leads to fatigue of the structure (Subramaniam & Banerjee, 2016). 
In addition, when cement-based material is put into the ground, it can deteriorate the soil through 
high alkalization. When rainwater or groundwater passes through, it can cause severe water pollu- 
tion. To solve the dynamic loading resistance of cement and the shortcomings from the environ- 
mental perspective, various geotechnical research using biopolymers have been conducted 
recently. In the resonant column test using gellan gum, a polysaccharide-based biopolymer, the 
damping ratio of gellan gum treated soil was four times higher than that of untreated soil (Im 
et al., 2017). According to Im et al. (2017), the gel textures distributed among the gellan gum trea- 
ted soil are involved in energy dissipation, and the damping ratio is increased. 

Therefore, this study will evaluate shear behavior resistance as a TBM segment backfill 
grouting material. Cyclic direct simple shear test was performed to evaluate the resistance in 
dynamic loading using biopolymer treated soil, and resistance according to various dynamic 
loading was analyzed. 


2 MATERIALS AND EXPERIMENTAL PROCESS 
2.1 Materials 


2.1.1 Untreated Jumunjin sand (JMJ) 

The basic sand used for making the experimental specimen is Jumunjin sand. Jumunjin sand is 
poorly graded sand (SP) according to the USCS classification(Stevens, 1982), with an average 
particle size (D50) of 0.5 mm, specific gravity (G,) of 2.65, and coefficient of uniformity (Cu) 
and coefficient of gradation (C,) of 1.39 and 0.76, respectively (Figure 1) (Lee et al., 2017). 


2.1.2 Xanthan Gum biopolymer (XG) 

The Xanthan gum is a polysaccharide-type biopolymer. It has been widely used mainly in 
food and medicine, and recently, it is also used in geotechnical engineering. It exists in 
powder, and when used as a ground improvement material, it is made in the form of 
a solution with appropriate water content and then manufactured in the form of mixing with 
the target soil. In addition, Xanthan gum absorbs water well due to its anionic characteristic. 


169 


2.1.3 Xanthan Gum crosslinked with trivalent Chromium (XG-Cr°*) 

In geotechnical engineering, Xanthan gum-treated sand has already improved properties such as 
shear strength, uniaxial compressive strength, and erosion resistance through several previous 
studies. However, in underwater conditions such as rain and flood, the bio-film linkage loosens 
and does not show its proper performance. The solution to overcome this problem is to add 
a trivalent chromium to the Xanthan gum solution. Trivalent chromium is a type of cation which 
crosslinks to anionic Xanthan gum particle which eventually makes the biopolymer treated sand 
stiff. This study will investigate dynamic shear behaviors using cation crosslinked Xanthan gum- 
treated soil. 
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Figure 1. Particle distribution of Jumunjin sand. 


2.2 Experimental process 


2.2.1 Specimen preparation 

The ratio of Xanthan gum used in this experiment is 1% of the soil mass. The trivalent chromium 
and NaCl concentrations used in the XG-Cr°*-treated sand were 30% and 10% mass of the Xan- 
than gum used, respectively. First, trivalent chromium and NaCl powder are combined with 
water to form an aqueous solution. After, a solution of Xanthan gum and water are prepared 
simultaneously. The Xanthan gum crosslinked solution is completed by mixing the prepared dif- 
ferent solutions. The untreated Jumunjin sand is combined with the prepared untreated Jumunjin 
sand before the crosslinking occurs in earnest and hardening occurs. XG-Cr*"-treated sand starts 
to harden over time, specimen preparation must be completed before solution hardening occurs. 


2.2.2 Cyclic Direct Simple Shear Test (CDSS Test) 

In this study, the cyclic direct simple shear (CDSS) test was conducted at a confining pressure 
of 100 kPa, corresponding to 10 m in the ground. The CDSS test is carried out when the settle- 
ment is stable after applying the target confining condition. After the test is conducted with 
a target cylic stress ratio. When the CDSS test starts, the sample is subjected to constant shear 
stress on the left and right, and the strain gauge the records the strain variation. When the 
maximum and minimum strain difference exceeds 10%, the experiment is stopped. 


3 RESULTS AND ANALYSIS 


3.1 Cyclic Resistance Ratio analysis 


Cyclic stress is generally normalized by confinement, which is referred to as cyclic stress ratio 
(CSR). In the CDSS test, the cyclic shear stress applied to the specimen is represented by 
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CSR. The purpose of the CDSS test is to derive the cyclic number, N, which is the number of 
times the specimen endures for the set CSR. Simply put, CSR is a variable. 

CRR is an eigenvalue of the specimen calculated from the resulting graph derived 
when performing the CDSS experiment. When the N values derived from various CSRs 
are plotted as a graph, a degradation graph in the form of a curve is drawn. Here, the 
CSR value corresponding to the N value of 10 times is defined as the CRR value, and 
this is defined as the cyclic resistance ratio, CRR, which is the resistance to liquefaction 
of the specimen. 


CSR = 25, (1) 


ve 


where CSR = Cyclic Stress Ratio; Teye = cyclic shear stress; o’, = vertical confinement stress. 

Based on the concept above, cyclic direct simple shear tests were performed on untreated 
Jumunjin sand, pure Xanthan gum-treated sand, and XG-Cr**-treated sand for various CSR 
(Figure 2, Figure 3). In Figure 2, the CRR curves of untreated sand and biopolymer-treated 
sand tested in this study can be confirmed. All of the tested cases were carried out under 100% 
saturated conditions, and after applying vertical confinement stress of 100 kPa, the experiment 
was performed after settlement became constant. In the case of the untreated Jumunjin sand, 
a strain variation of 10% occurred after 104 cycles of cyclic loading at a minimum CSR of 0.05, 
and strain variation of 10% occurred immediately after the start of the test at a maximum CSR 
of 0.14. Accordingly, the CRR value of the untreated Jumunjin sand was 0.092. In the saturated 
conditions, the pure Xanthan gum-treated sand had no significant difference in cyclic resistance 
value from the untreated Jumunjin sand, and the CRR value of the specimen was 0.089. Lastly 
for XG-Cr**-treated sand, 10% strain variation occurred at 101 numbers of cyclic loading at 
minimum CSR 0.63, and 10% strain variation occurred after 5 number of cyclic loading at max- 
imum CSR of 0.7. Accordingly, the cyclic resistance value of XG-Cr**-treated sand was 0.685, 
which had the highest cyclic loading resistance among the tested samples. 
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Figure 2. CRR curve of the tested results. 


3.2 Shear stiffness softening analysis 


Figure 4 shows the shear modulus variation of untreated Jumunjin sand, pure Xanthan gum 
treated sand and XG-Cr*"-treated sand under a fixed condition with a constant CSR value of 
0.1. For further modeling studies, the cycle number, N, was converted to logarithmic scale. As 
the cycle number increases, fatigue occurs in the specimen, Accordingly, it can be confirmed 
that the shear modulus decreases as the cycle number applied to the specimen increases. In 
this way, the decrease in shear modulus with an increasing cycle is called shear stiffness soften- 
ing. The 6 value of untreated Jumunjin sand is the normalized shear modulus value which 
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Figure 3. CRR value results of the specimen. 


rapidly decreases as the cycle number increases. In additions, it can be seen that the pure Xan- 
than gum-treated sand causes fatigue destruction immediately after two times of cyclic load- 
ing. The low cyclic loading resistance despite the biopolymer treatment is because there was 
no biofilm formation process through the drying process(Bagley & Dintzis, 1999). Accord- 
ingly, the shear thinning phenomenon occurred in the saturated Xanthan gum-treated sand 
due to low cohesion. As a result, it can be interpreted as having a lower resistance than the 
untreated sand. On the other hand, in the case of XG-Cr**-treated sand, where hardening 
occurs without a drying process, fatigue hardly occurs at a CSR value of 0.1, and it was con- 
firmed to have a constant shear modulus. 


_ Gy 


5a” 
Gi’ 


(2) 


where, 6 = Normalized shear modulus; Gy = Shear modulus at the N‘* cycle; Gi = Shear 
modulus at the 1* cycle. 
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Figure 4. Shear stiffness softening results. 


4 CONCLUSION 


This study investigated biopolymer-treated sand’s resistance to cyclic loading through the 
cyclic direct simple shear (CDSS) test. The biopolymers used were Xanthan gum and Xanthan 
gum crosslinked with trivalent chromium, and all experiments were performed under satur- 
ated conditions. The main findings of this study are the following. 
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The pure Xanthan gum-treated treated soil had very low resistance to cyclic loading when 
there was no drying process during treatment. This is because when the Xanthan gum contains 
more than an appropriate amount of water, the solution causes slipping between the sand par- 
ticles rather than the bonding effect between the sand particles by the biofilm. It was con- 
firmed that XG-Cr**-treated sand treatment, which can overcome the shortcoming of pure 
Xanthan gum, had high resistance even in cyclic loading because it forms strong bonding 
between sand particles after 48 hours of curing without drying. In addition, it has an enhan- 
cing effect on uniaxial compressive strength, shear strength, and cyclic loading through previ- 
ous studies. 

Through this study, it is expected that it can be utilized in mitigation research such as wave 
loading, wind loading, traffic-induced loading, earthquake loading, liquefaction, and in lading 
corresponding to cyclic loading and seismic loading resistance of the tunnel. Ultimately, it is 
expected to become a seismic-event-resistant eco-friendly tunnel backfill material through bio- 
polymer treatment. 
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ABSTRACT: The energy transition process in Switzerland foresees a move away from 
nuclear energy. This calls for an expansion of alternative energy sources such as solar or wind. 
Since these types of energy generation depend on the weather, the energy generated must be 
stored to be available on demand. In addition to pumped storage plants, compressed air 
energy storage (CAES) in underground cavities offers a potential solution for this problem. 
The economic viability of a CAES system depends on the investment costs as well as the over- 
all efficiency of the system, ie., storage and recovery of the energy. The paper describes the 
search for a suitable site in Switzerland for an envisioned adiabatic, high pressure (100 bar) 
CAES with the potential to store 500 MWh of energy. First, the minimum dimensions and 
possible arrangements of all the cavities required by the CAES facility are determined. Subse- 
quently, relevant hazard scenarios are identified and analysed from the geotechnical view- 
point. A determination is then made of the requirements, such as rock strength, overburden 
or distance to the valley flanks of the high-pressure underground chamber. In addition, poten- 
tial damage to the chamber’s sealing is analysed and the plug of the high-pressure chamber is 
dimensioned structurally. Finally, potential sites are selected with the help of a GIS system 
incorporating the geological and topographical map of Switzerland. 


1 INTRODUCTION 


Within the scope of a research project of the Swiss Federal Office of Energy (Amberg et al. 
2020) we analysed the selection criteria and investigated the availability of suitable potential 
sites for an underground facility for storing energy in the form of compressed air (“Com- 
pressed Air Energy Storage” or CAES) with a storage potential of 500 MWh. CAES systems 
are used for the short-term storage of surplus energy from wind or solar power plants. The 
energy is stored in the form of highly pressurised air and, when needed, it can be recovered by 
releasing the air into turbines connected to a generator which feeds into the energy grid. 

The paper starts with a brief description of the various CAES concepts and systems (Sec- 
tion 2) and continues with a discussion of geometric aspects of CAES systems (Section 3). 
Subsequently, the most important geotechnical-structural hazards are discussed, that is (Per- 
azzelli and Anagnostou 2016): failure and loss of tightness of the cavity sealing (Section 4); 
uplift or lateral failure of the rock between cavity and surface (Section 5); and failure or loss 
of serviceability of the plug closing the pressurised cavern (Section 6). Finally, zones are 
selected for the location of potential sites for a CAES-plant using a GIS system and taking the 
various criteria into account (Section 7). 
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To avoid high investment costs for underground construction, only sites with very good 
geological conditions (fault-free rock mass, only sporadic and closed discontinuities) are con- 
sidered and, consistently with this overarching planning prerequisite, the assessments of Sec- 
tions 4-6 are based upon the parameters of very high-quality rocks. 


2 CAES CONCEPTS AND SYSTEMS 


Large air losses over decades are decisive for the economic efficiency of a CAES plant. In add- 
ition, the loss of tightness may impair overall stability, as it will result in the development of 
high air pressures within the overlying rock mass, thus increasing uplift risk (Perazzelli and 
Anagnostou 2016). In order to limit loss of air during pressurisation, a sealing must be 
installed even in good rock conditions. The chamber walls can be lined with a composite 
system consisting of a supporting and levelling reinforced shotcrete layer, a synthetic protect- 
ive layer and a sealing membrane (Figure 1). Details about the requirements for the membrane 
and the investigations performed into the suitability of commercially available products can 
be found in Amberg et al. (2020). 


rock —— shotcrete layer 
protective layer 
—__— sealing membrane 


Figure 1. Composite lining system of the pressurised chamber (not to scale). 


When compressing air, heat is produced, whereby, according to the thermal equation for 
ideal gases, the air temperature increases linearly with the pressure. In the cavities, very high 
gas temperatures and extreme temperature changes must be avoided as they pose a risk to the 
sealing membrane. There are two possible CAES concepts (Roos, 2021): the diabatic CAES 
and the advanced adiabatic CAES (AA-CAES). 

In a diabatic CAES plant, the heat generated during pressurisation of the cavity is released 
to atmosphere and additional heat is introduced before compressed air enters the turbine 
during discharging. In an AA-CAES plant, the heat is captured in thermal-energy storage 
elements (TES) during charging and the air is re-heated with this thermal energy during dis- 
charging. This leads to a higher overall efficiency of the system. The present investigation 
focuses on AA-CAES plants. For practical reasons the TES elements are placed inside the 
pressurised chamber and they are therefore decisive for the minimum chamber cross section. 
Innovative TES are described in Zanganeh et al. (2012) and Roos (2021). 

For reasons of efficiency, the air compression and air expansion take place in two pressure 
stages and therefore a low-pressure and a high-pressure chamber with TES (LPCh and HPCh, 
respectively) and turbines are needed (Amberg et al., 2020). The CAES plant must addition- 
ally contain machine and control rooms as well as access galleries and air charging/discharging 
adits. 


3 PRESSURISED CHAMBER LAYOUT 


The HPCh is the geotechnically most demanding structure among the underground openings 
required for a CAES plant. In the present case, the required volume for air storage is 
177000 m° and the nominal pressure equals 100 bar (Amberg et al., 2020). The nominal pres- 
sure in the LPCh is considerably lower (10 bar). Thus, the design is less demanding for the 
LPCh and the other (non-pressurised) underground structures. In the following, only aspects 
associated with the HPCh will be discussed. 
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Air losses are unavoidable due to diffusion of air molecules through the membrane. The 
losses are proportional to the surface area exposed to compressed air. Spherical chambers 
offer the advantage of the smallest area relative to their volume, but they must be discarded 
because of excavation difficulties and cost. For a given storage volume, the surface area of 
a cylinder decreases with increasing diameter. Therefore, larger diameter chambers are more 
efficient for CAES operation. 

The TES are important for the geometry of the HPCh on account of their large dimensions 
and total volume. In the present case, four TES are needed. They can be placed either one on 
top of the other or one behind the other. The vertical arrangement would necessitate a - 
30 m diameter shaft. Due to additional required air storage volume, the height of the shaft for 
the HPCh would be 275 m (Figure 2a). In the case of horizontal arrangement, a chamber 
approximately 260 m long with a diameter of 31 m would be needed (Figure 2b), but 
a combination of a shorter and larger-diameter chamber with a longer and smaller-diameter 
tunnel is also possible (Figure 2c); the latter may be favourable from the construction viewpoint. 
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Figure 2. Possible layouts of the high-pressure chambers. 
4 ROCK CRACKING AND DAMAGE TO THE COMPOSITE LINING SYSTEM 


4.1 Rock discontinuities 


Depending on air pressure and secondary rock stresses (the stresses prevailing after excavation 
but before pressurisation), existing rock discontinuities may open or new cracks may develop 
during pressurisation. Discontinuities can open only if the pressurisation leads to tensile tan- 
gential stresses at the periphery of the chamber. 

There are knowledge gaps about rock mass behaviour during cyclic loading with 
pressurised and depressurised air that causes an alternating opening and closing of 
rock discontinuities (Perazzelli and Anagnostou, 2016). However, the opening of rock 
cracks can be excluded and the uncertainty that is associated with the rock mass 
behaviour can be eliminated, if the secondary (compressive) tangential rock stress is 
high enough to avoid tensile tangential stresses at 100 bar air pressure in the HPCh. 
This is the case when the overburden is greater than a critical value Hyyin. 

At the same time, limiting the overburden H,,,,, to ensure that the rock will behave elastic- 
ally is better to avoid rock overstressing. Otherwise, a heavier support would be necessary to 
ensure cavity stability, which could significantly increase the construction costs. 

In the following, the determination of Hin and Hmax will be outlined (for details see Amberg 
et al. 2020). Due to the considerable height of the HPCh (shaft: 275 m; cavern: 31 m) and the high 
air pressure, various situations must be considered: 
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For determining Hin, the location of the smallest secondary rock stresses, that is the top of 
the chamber, must be considered. The condition to be satisfied (in order to avoid new crack- 
ing) is that the tangential rock stress at the chamber crown remains compressive even at the 
highest operational air pressure of 100 bar. 

For determining Ajax, it is the location of the highest stresses, that is the bottom of the 
chamber, which is relevant. The condition to be satisfied is that the tangential rock stress 
under atmospheric pressure must be less than the uniaxial rock mass strength UCS, as the 
rock lacks the support offered by the compressed air during construction and maintenance. 

Hin and Hmax denote thus the minimum depth of the chamber crown and the maximum 
depth of the chamber invert, respectively. The aforementioned two conditions can be satisfied 
only if the height of the HPCh is less than the difference between Hing. and Hmin. It should be 
borne in mind that the construction of a CAES in a location that does not fulfil this condition 
is not necessarily unsuitable, but further investigations would be needed to determine technical 
and economic viability. 

Hin and Hyg. can be quantified by means of stress analyses taking account of the in situ 
stresses as well as, for H,,,;,, the maximum air pressure. The simplified model of a cylindrical 
cavity in an elastic medium is considered here and the tangential rock stresses in the cross- 
sectional plane of the cavity are determined using Kirsch’s solution. (The out-of-plane tangen- 
tial stress is usually less than the tangential stress in the cross-sectional plane and, therefore, 
does not play a role for Hmax-) Further assumptions are: the vertical in situ stress o, represents 
a principal stress and is equal to the geostatic pressure (o, = y H, where the unit weight y of 
the rock is taken equal to 25 kN/m?); the cavern axis coincides with one principal stress axis; 
the in situ horizontal principal stresses Onmin ANd Cymax are equal to Komin oy and Komax Ov, 
respectively, and the lateral pressure coefficients Komin and Komax depend on the tectonic and 
topographic conditions (e.g. proximity to a valley). 


Table 1. Principal stresses considered in the analysis, calculated maximum depth of chamber invert 
(Hmax) and calculated minimum depth of chamber crown (Hynin). 


= = i — — b 
Komin Pa 1, Komax g? 1.7® Komin = 0.7, Komax = 1.3 ) 


High Pressure Chamber o1 03 H max [m] H min [m] H max [m] H min [m] 
Shaft, ø 30 m, 275 m high — opmax Onmin 976 308 1250 500 
Cavern, Ø 31 m, // Opmax 0 Onmin 2000 200 1739 364 
Cavern, Ø 31 m, // Ohmin hina Oy 976 308 1379 235 


(a) Based upon stress measurements of Krietsch et al. (2017) 
(b) Less pronounced tectonic overprint than indicated by Krietsch et al. (2017) 


Only few data are available on situ stresses. Measurements by Krietsch et al. (2017) in the 
Grimsel massif in Switzerland, a candidate geological formation for CAES sites, indicate lat- 
eral pressure coefficients of Komax = 1.7 and Komin = 1.0, but it is uncertain whether these high 
values hold for the entire Grimsel massif and other potential sites. For this reason, a case with 
lower horizontal stresses (Komax = 1.3, Komin = 9.7), holding for a less pronounced tectonic 
overprint, is also included in the calculations. 

Columns 2 and 3 of Table 1 summarize the principal in situ stresses to be included, depend- 
ing on chamber type, orientation and lateral pressure coefficients, while the 4 last columns 
show the depths determined for the two sets of lateral pressure coefficients mentioned and the 
maximum operational pressure of 100 bar (important for Hmin). An excellent quality rock of 
UCS = 100 MPa (important for Hmax) is taken into account. In all the cases investigated, the 
difference between Hmax and Aynin is greater than the chamber height and thus both a shaft 
and a cavern would in principle be feasible from the viewpoint of rock stressing and cracking. 
The necessary minimum depth of cover above the chamber crown (H,,,;,.) depends considerably 
on the horizontal stresses. This emphasizes the importance of a more detailed knowledge of 
the in situ stresses at the HPCh location. 
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The H,,,,.-values of Table 1 hold for a very high rock UCS (100 MPa). In the case of lower 
quality rock, the permissible depth would be smaller (Hmax decreases linearly with the UCS), 
but this would not play a role as long as Hmax is greater than the sum of H,,,;, and HPCh 
height. For this limiting case (Hmax = Hmin + HPCh height) and the greatest Hin listed in 
Table 1, the required minimum UCS for the shaft and cavern variants is equal to 62 MPa and 
23 MPa, respectively. This means that in less favourable geological conditions, the cavern 
variant would be better than the shaft variant as the required minimum overburden H,,,j,, is 
smaller and the required rock quality is lower. 


4.2 Damages to the composite lining system 


The rock mass around the chamber can sustain a high air pressure without cracking because it 
is pre-stressed by the secondary (compressive) tangential stresses (Section 4.1). Unlike to the 
rock, the composite lining is practically stress-free initially, when the air pressure is still atmos- 
pheric. Therefore, chamber pressurization inevitably results in tensioning of all components of 
the composite lining system (Figure 1) and the lining can be damaged by the cyclic loading 
experienced during the operation of the CAES plant even if the rock behaves elastically and 
existing cracks remain closed during pressurisation. The following damage types can occur: 
(a) cracking of the shotcrete layer; (b) tensile failure of the reinforcement of the shotcrete 
layer; (c) shearing of the sealing membrane; (d) overstretching of the sealing membrane or the 
protective layer. 


(a) As the stiffnesses of the protective layer and of the sealing membrane are negligible, the 
tensile stresses developing in the shotcrete layer due to air pressurization increase with the 
ratio of the shotcrete modulus Esc to the rock modulus £, and will quickly exceed the 
tensile strength of shotcrete, even if the shotcrete layer is soft relatively to the rock mass. 
(For example, for a rock modulus £E of 40 GPa, a shotcrete modulus Esc of 15 GPa and 
an air pressure of 100 bar, the tensile stress reaches about 4.5 MPa.) Consequently, crack- 
ing of the shotcrete layer can hardly be avoided. The depth of the cracks in the shotcrete 
layer is limited to its thickness. A favourable crack distribution (characterized by several 
narrow instead of a few widely open cracks) can be achieved with reinforcement of the 
shotcrete (possibly fibres). 

(b) The strain experienced by the steel reinforcements (and all other components of the com- 
posite lining system) during cavity expansion is equal to the tangential strain of the rock 
at the cavity wall. If the tangential strain was higher than the yield strain of the steel, then 
partially irreversible steel strains would develop during the cavity pressurization and 
expansion phase. Consequently, in the subsequent depressurization phase the steel bars 
would experience compression and could buckle towards the cavity (cf. Perazzelli and 
Anagnostou 2016), causing bulging of the protective layer and of the sealing membrane. 
This type of damage can be excluded in the case of a competent rock; for example, if the 
rock exhibits an elasticity modulus of 20 GPa, the circumferential strain developing at an 
air pressure of 100 bar would be about 0.065% according to elasticity theory (Kirsch solu- 
tion, neglecting the lining stiffness), which is clearly less than the yield strain of steel 
(about 0.2%). Steel fatigue is another potential hazard that should be investigated, but 
this hazard, too, appears to be relevant rather for lower quality (lower stiffness) rocks (see 
Perazzelli and Anagnostou 2016). The behaviour of fibre reinforcements has not been 
investigated within this research project. 

(c) Compressed air may squeeze the protective layer including the membrane into small 
cracks in the shotcrete and the membrane may fail due to shearing. The membrane may 
also be damaged in the air pressure release phase due to jamming by a partially closing 
crack. By ensuring a limited crack width and a sufficiently thick protective layer this 
damage seems unlikely. However, further investigations into this topic are necessary. 

(d) Due to local rock heterogeneities, irregularities of the rock surface and imperfections in 
the shotcrete layer, the strain distribution along the chamber circumference will most 
likely be non-uniform. Therefore, the ultimate strain of the sealing membrane and the 
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protective layer must be a multiple of the mean tangential strain of the rock to ensure its 
structural integrity. The products suggested in Amberg et al. (2020) fulfil this condition. 


5 SAFETY AGAINST UPLIFT OR LATERAL FAILURE 


Chamber pressurization may cause uplift of the rock mass up to the surface or, if the chamber 
is located close to valley flanks, failure of the rock in the horizontal direction, between side- 
wall and valley. The safety against these failures can be increased by increasing the depth of 
the chamber and its distance to the valley flanks. As analysed by Perazzelli and Anagnostou 
(2016), safety with respect to uplift failure of the rock mass is often less critical than the limita- 
tion of rock mass deformation and cracking. This is also true in the present case, as we will 
see subsequently, based upon the extremely conservative assumptions of zero rock cohesion, 
UCS and tensile strength. The effect of these parameters could be assessed by the series of 
methods presented or reviewed by Perazzelli and Anagnostou (2018), but such a detailed ana- 
lysis is not necessary in the present case. 

The safety factor, defined as the ratio of resistance to action, is estimated here based upon 
the limit equilibrium of the simplified failure mechanisms of Figures 3a—3d. The action results 
from the air pressure acting upon the failure body, while the resistance is taken equal to the 
weight of the failure body (Figures 3a and 3c) or to the frictional force acting parallel to the 
horizontal sliding surface (Figures 3b and 3b). The contributions of cohesion and of tensile 
strength to the resistance are disregarded. 

The diagram on the left-hand side of Figure 3 shows the safety factor against uplift as 
a function of the depth of the HPCh crown. For the depth that is anyway necessary in order 
to avoid cracking, that is 364 m and 500 m for the cavern and the shaft (Table 1), respectively, 
the safety factor against uplift equals to about 5 and 2, respectively, which is easily sufficient 
given the extremely conservative assumptions here. 
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Figure 3. Safety factor against uplift (a, c) or lateral failure (b, d) over depth H of the HPCh crown 
(mechanisms (a) and (c): assumed angle a = dilatancy angle =5°; mechanisms (b) and (d): assumed fric- 
tion angle = 35°). 


6 CONCRETE PLUG 


Figure 4 shows a concrete plug (schematically, without the penetrations for pipes or access 
gate), its loading p by the compressed air and the load transfer to the rock (contact pressure 
on, Figure 4a) and three hazard scenarios: (i) shear failure of the concrete (Figure 4a); (ii) sep- 
aration of the concrete plug from the rock (Figure 4b); and, (iii), rock failure in the abutment 
zone under the action of the contact pressure oy (Figure 4c). 

The first hazard scenario, shear failure of the concrete, is in general the decisive one for 
determining plug length (Perazzelli and Anagnostou 2016). For a concrete shear strength of 
1.5 MPa, air pressure of 100 bar and a ø 7.5 m access gallery, the necessary plug length L, is 
equal to 12.5 m. 
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Hazard scenario (ii), the concrete-rock separation, is critical for serviceability and stability 
(Okuno et al., 2009). Opening of the concrete-rock joint is inevitable and can be quantified by 
numerical stress analyses. It necessitates a special structural detailing of the composite lining, 
so that the latter can bridge the gap. 


(a) mA (b) (c) 
6; 
secondary after chamber 
state pressurization 


Figure 4. Hazard scenarios for the concrete plug: (a) shear failure of concrete along horizontal dashed 
lines; (b) concrete-rock separation (numerical results after Perazzelli and Anagnostou, 2016); (c) rock 
cracking and crushing. 


The aforementioned stress analyses are also valuable for evaluating hazard scenario (iii), 
the stability of the rock abutments. Rock overstressing is not critical for plug design even in 
the case of moderate strength rocks (Perazzelli and Anagnostou, 2016). This hazard scenario 
is discussed here based upon a simple model in order to illustrate the nature of rock loading 
and failure at the plug abutments. The cavity in the area of the plug experiences an expansion 
under the action of the pressure oy. This results in a decrease in the tangential stress (0; in 
Figure 4c, |.h.s.) in the rock around the plug. If the in situ stresses are not sufficiently high, 
then o, will decrease to zero, become afterwards negative (tensile) and reach the tensile 
strength of the rock. The latter will fail in tension and, consequently, radial cracks will develop 
(Figure 4c, r.h.s.). Then the rock will be loaded uniaxially (experiencing only the radial stress 
o,) by the abutment pressure oy and, if oy exceeds the UCS of the rock, it will be crushed. 
Both the tangential rock failure in tension and the radial rock failure in uniaxial compression 
can be avoided by limiting the abutment stress oy needed for plug equilibrium. This can be 
achieved by foreseeing a sufficient plug conicity (T, in Figure 4a). The average contact stress 
on can be calculated analogously to the joint pressure in a taper press connection (conserva- 
tively neglecting the friction between concrete and rock), while the expansion-induced tangen- 
tial rock stresses can be estimated analogously to Section 4.1. In the present case, the conicity 
T, = 0.9 m for the shaft and 1.5 m for the cavern. The difference in conicity is due to the 
different secondary rock stresses; the latter are higher (more favourable concerning cracking) 
in the deeper-located invert of the shaft. 


7 POTENTIAL SITES FOR A CAES-PLANT 


The economic viability of a CAES-plant depends heavily on the location. Therefore, only 
those sites are considered that are likely to be cost-effective, inter alia with regard to the geo- 
logical-geotechnical conditions. The set of potential sites is narrowed down stepwise using 
a geographic information system (GIS). 

Firstly, using the geological map of Switzerland, areas with rock of expectedly good quality 
near the surface are pre-selected. Specifically, only areas with igneous rocks (or metamorphic 
rocks of igneous origin) are considered (Figure 5a). 

For network efficiency and connection cost reasons, the distance of the CAES plant to 
existing high-voltage grid lines should not exceed 10 km. Consequently, a series of 20 km wide 
corridors along all high-voltage lines are considered in the second layer (Figure 5b). 
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Figure 5. Selection of potential sites for a CAES-plant in Switzerland: (a) favourable geology; (b) vicin- 
ity of high-voltage lines; (c) availability of geological-geotechnical data; (d) synthesis (red circle: region of 
the Figure 6 examples). 


Figure 6. Examples of suitable sites. (a) shaft; (b) cavern; (c) cavern-tunnel combination (P = portal; 
A = access tunnel; L = LPCh or control cavity; S = HPCh (shaft); C = HPCh (cavern); T = HPCh 
(tunnel)). 


The geological-geotechnical data and experience from the planning and construction stages of 
existing hydropower plants and traffic tunnels can be used to significantly increase the reliability 
of the rock mass assessment at this early stage of the project. Therefore, a 5 km wide corridor 
along/around existing underground structures was considered in the third layer (Figure 5c). 

The zones marked in green in Figure 5d satisfy all these criteria and they are additionally 
not close to urban areas, so they served as a starting point for the next step, which was the 
higher resolution search at a scale 1:10000 and the identification of specific sites. Among other 
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aspects, such as site accessibility via existing infrastructure, sites close to steep slopes are pref- 
erable in order to reach the required minimum overburden with an access tunnel that is as 
short as possible, while sites with portals in loose rock or soft ground (especially talus debris 
cones) are avoided (see Amberg et al. 2020 for details). Figure 6 shows examples of suitable 
CAES sites in the Grimsel region (marked by a red circle in Figure 5d). 


8 CONCLUSIONS 


A systematic procedure has been presented for selecting suitable and cost-efficient potential 
sites for a CAES-plant with an energy storing capacity of 500 MWh. The procedure analyses 
the most relevant hazard scenarios and can be easily adopted to other plants with different 
storage capacities or pressures. For sites with less favourable geological conditions, the hazard 
scenarios will be similar, although there may be a need for further investigations and more 
refined numerical models and assessment methods to prove the safety and serviceability of the 
system. 
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ABSTRACT: The emerging energy crisis is affecting almost everyone in the world. In order 
to meet energy demands, efforts are being made to harness renewable energy resources. Fossil 
fuel reserves are depleting, and global warming is caused by the combustion of fossil fuels. 
Pakistan, with a population of over 220 million people, has been facing an energy shortage for 
the past two decades due to increased population and industrialization. In Pakistan, hydro- 
electric energy has been meeting most of the energy demands. When done correctly, hydro- 
power is low-cost, has a little negative environmental impact, and provides numerous 
economic benefits. In most hydropower generation plants; tunnels are designed to carry 
water. Several road tunnels have been built in the country’s northern region recently, near 
mountain peaks and bodies of water. The authors propose an innovative use of an existing 
road tunnel for water conveyance. The hybrid tunnel will result in significant cost savings 
compared to constructing a tunnel for a hydroelectric facility. The water that runs through 
the tunnel can also be used to generate power for the tunnel operations, which contributes to 
achieving the Sustainable Development Goals. Moreover, the outflowing water can be used 
for irrigation of agricultural fields. The proposed innovation can be implemented at 1.3 kilo- 
meters long Tunnel No. 1 on the Swat Motorway, located close to the Swat River. In this 
research, the authors will perform a detailed investigation study for the tunnels at Swat 
Motorway to see the feasibility to use existing tunnels traffic and water conveyance. 


1 BACKGROUND 


The construction industry has pivotal importance in the socioeconomic growth of countries, 
as it contributes a large sum to annual GDPs. The recent trend of urbanization in developing 
counties is augmenting the need for underground space utilization for long-term and sustain- 
able infrastructure development. Though the carbon footprint of construction projects may 
not be contributing adversely to climate change, nonetheless, strategic planning for multipur- 
pose use of existing and future sub-surface infrastructure projects can significantly reduce 
carbon footprint along with economic growth. 
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1.1 Topic importance 


The emerging energy crisis is affecting almost every country in the world. In order to meet 
energy demands, efforts are being made to harness renewable energy resources. 
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Figure 1. Comparison of energy generation and demand. 
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Figure 3. Source-wise power generation. 
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1.2 Pakistan’s energy crisis and future demand 


Energy crises in Pakistan emerged in early 1990s (Kugelman, 2013) but the true impact of 
energy deficiency was realized in 2007 (Aftab, 2014). Currently, the shortfall is over SOOOMW 
(Raza et al. 2022) and growing gradually. The latest energy production, consumption and 
future demand is illustrated in the Figures 1,2 and 3 (Raza et al. 2022). 


2 RIVER SWAT HYDROLOGY 


The catchment area of swat river is 16,750 Km? and is situated between a latitude of 
34°00’ north to 35°56’ north and longitude 70°59’ east to 72°47’ east (Ijaz et al. 2015). 
River Swat is a part of the upper Indus basin which is one of the world’s well docu- 
mented river. The Indus basin is mostly fed by glacial melt. The estimated surface area 
of the glacier reserve is approximately 20,000 Sq.km that contributes to Indus basin’s 
flow (Khan et al. 2014). The average long-term flow of river swat is 230 m/s in its 
upstream stretches whereas the average monthly flow in summers is 320-330 m°/s at 
chakdara station (khan & Saifullah, 2016) i.e. nearest to Swat motorway tunnel. 
Whereas, according the study of (Sarfaraz et al. 2021) the annual peak flow (1969-2019 
except of 2010) is approximately 500 m?/s at the same station. 


2.1 Multipurpose usage approach 


According to (Rogers & Hunt, 2006), multiple times excavation for provision and rehab 
works of utilities along the same line is an uneconomical approach. The concept of multipur- 
pose usage of tunnels is in practice since 19th century (Liastner & Liastner, 2012). Moreover, 
buried utilites method is an unsustainable approach with negative socio-economic impacts 
(Luo Y. et al. 2019). Though, the aforesaid studies are focused on the multipurpose use of 
urban tunnels, nonetheless, the benefits of applying multipurpose usage approach on large 
road tunnels can be correlated from their discussions and findings. 


2.2 Study aim 


This paper discusses the feasibility of an existing road tunnel on a high-speed, controlled 
excess motorway in a semi mountainous region for multipurpose use for water transfer and 
power generation by taking benefit of natural terrain features. The feasible solution should 
revolve around a friendly environment solution thus offering greater sustainability. 


2.3 Study significance 


This research will benefit in providing greater sustainable infrastructure development with 
multipurpose utilization of existing road tunnels. This likelihood study will target generating 
enough electricity to fulfill the needs of tunnel operations (lighting and ventilation). Moreover, 
additional electricity may be fed into the national grid for electricity generation contribution. 
Local irrigation will be the second benefit of the multipurpose utilization approach. Water dis- 
charges through the tail race tunnel will be planned to feed cultivated land through a canal. 
The perennial stream (River Swat) is the water source and it is likely that the irrigation canal 
will be operational throughout the year. An additional benefit of a newly built water channel 
can also serve the purpose of reduction of water pressure in River Swat during peak flood 
time. Pakistan has recently been hit by the worst-ever floods displacing 4 million people 
across the country. Inevitable climate change has shown its face, starting its course from Paki- 
stan in the shape of unstoppable floods throughout the country. Conveyance of excess water 
during the flood season to the non-flooded zone can create balance in the region to counter 
the immediate devastating effect. 
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2.4 Paper structure 


This paper has been divided into three distinct parts. Part one of this paper introduces the 
general area conditions, project layout and present usage of the tunnel. This is followed by 
section two, which will elaborate on the proposed feasibility for the multipurpose use of the 
tunnel. The last session will discuss the results with recommendations for future studies. 


3 PROPOSED SOLUTION 


3.1 Current infrastructure 


Swat valley is linked with the capital city Islamabad via the old Grand Truck road, which 
runs on the Western bank of River Swat. Recently, high speed motorway has also connected 
Swat valley with the country’s capital. Swat motorway has proved to be a quicker link for the 
Swat valley, Dir and to International trade through Tajikistan and an alternate CPEC route 
through Kalam. The motorway is a gateway to tourism as well. The distance between Islama- 
bad and Chakdara has been reduced from 4.5 to 2 hours. Having a length of 80 Km this 
motorway is passing through the scenic mountainous terrain of Koh-e-Barmol (Malakand 
Range) and connects Motorway (M1) from KSK Interchange with N-95 & N-45 at Chakdara 
Interchange. Swat motorway comprises a series of 3 Twin Tube Tunnels. River is approxi- 
mately 2 km from motorway entry point (Chakdara) and 11 km from Tunnel nol. The invert 
level of the tunnel is at 765 m above MSL and the closest point of the River is 689 m above 
MSL. Shahkot valley on the southern side Tunnel | is at 638 m above MSL. Distance from 
shahkot valley to National Grid is 10 Km. 
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Figure 4. Google image with marked annotations. 


3.2 Mixed used proposed and suggested engineering modifications 


This proposed study will divide the project into three prominent packages. 
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3.2.1 Package — 1: Intake structure 

This package will indicate the water intake point/structure from the source (River Swat). The 
engineering diagram showing the altitude level indicates that the intake point is much below 
the tunnel level thus free flow under gravity will not be possible. This restriction will dictate to 
adopt of two different options: 


OH Reservoir 
840 m MSL 


Forebay 
765 m MSL 


Powerhouse 
635 m MSL 


Figure 5. Suggested power generation project layout with elevation levels. 


3.2.1.1 Option — 1 

Intake structure be considered upstream of the river at an appropriate elevated point 
offering. As per the elevation level sheet, this point was achieved at 2.3km upstream the 
river. 


3.2.1.2 Option — 2 

(Ravindran & Sharmil, 2012) studied to provide a concept of alternative green energies used 
for potable water schemes. The same concept of green energy usage can also be a valid scheme 
to develop forced pumping. Such pumped storage can create enough energy to generate the 
electric power needed for water pumping. 


3.3 Package —2: Water flows channellpipe tunnel along motorway till forebay 


Water flow within the Package 2 will be preferred to be encased in circular pipes. Material for 
pipes can be steel or glass reinforced or polymer. Encased pipe system will not only save evap- 
oration losses but also ensure gradual pressure till the forebay. 


3.3.1 Package —3: Water conveyance system from forebay till powerhouse through tunnel 
Forebay is suggested to be located on the Eastern side of boxcut with an available side 
slope. Forebay will ensure water outflow through a number of pipes to run through the 
existing Northbound and Southbound tunnels. Pipes will cross through both tunnels and 
run till the powerhouse thus conforming the whole package to a single or even multiple 
penstocks. The proposed alignment of the water carrying system in package 2 is illus- 
trated in Figure 6. 
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Figure 6. Water flow channel/pipes in package 3. 


3.3.2 Water conveyance through tunnels 

Every road tunnel is designed with a specific traffic column/envelope. A certain amount of 
space is left outside the traffic envelope in the tunnels. The such area outside the track clear- 
ance envelope are usually unused because of the circular shape of the tunnel and are non- 
usable. A water conveyance system through the tunnel is suggested to use the such area outside 
the track clearance envelope, as illustrated in Figures 7 and 8. Each tunnel has a total negative 
space area of 22 sq m. In this study, the non-usable area of only one side of each tunnel of the 
twin-tube is considered, leaving the other side free for commuters to move through the tunnel 
in case of emergency, using cross passages and U-turns easily. Keeping design considerations 
and load parameters of the lined structure in view, water-carrying pipes can be fixed with 
lining through anchors, anchored in the surrounding rock mass and strong enough to with- 
stand the operational loads of the pipes. OR, the same can be embedded in the RCC concrete 
structure or may be supported by a steel structure, fixed to the lining, such that their dynamic 
and dead loads are transferred to the footing of the invert concrete of the tunnel. 


4 RESULTS AND DISCUSSION 


4.1 General results 


Figure 5 shows a considerable difference between the existing level of river swat and tunnel-1 
north portal. Elevation levels with the suitable locations of power generation project as per 
Figure 2, it appears that simple gravity wouldn’t support the intake water to free flow towards 
the tunnel portal. Either, tunnel intake has to be made upstream and then maintaining the 
levels to support the free gravity flow of water. In other cases, additional measures such as 
supplementary pumping or a mixture of alternate energy sources would be required to raise 
the intake levels. 

The requirement of water intake is 64 m?/s so water pumps can be used to lift the water. 
The calculated power requirement for 64 m?/s of water to lift till height/relative height of 
150 m is approximately 12 MW. Total generation from the water having discharge of 64 m?/s 
is 80 MW, out of which 12 MW can be utilized for the water pumping system. Water carrying 
pipes will utilize the non-usable spaces in the tunnel cross section (available space-22m*) with- 
out hindering the designed traffic volume. 
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Figure 7. North and South bound tunnels with designed traffic columns and proposed placement of 
water carrying pipes. 


Figure 7 shows the effective utilization of tunnel non-usable spaces. A partial load of hanged 
pipes will be taken by the final lining and the rest of the load will be transferred to the ground 
through a steel foundation. Multi-use of a project cannot be conceived properly if future usage 
is not considered in the project planning phase (Alun, 2022). Planning of tunnel-1 invert level 
lower than Swat River, pre-embedded anchors in tunnel crown for fixing arrangement for water 
carrying structure etc in the tunnel would have provided an easier approach to adopt multi-use 
of the tunnel for power generation as well as water conveyance during flood times. 


4.2 Carbon foot print/sustainability discussion 


The establishment of an actual hydropower project of the same capacity would want not only the 
construction of tunnels of the equivalent cross section. The use of existing tunnels has saved not 
only construction time but also offered environmental protection against the disposal of excavated 
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Figure 8. Water carrying pipes within tunnel cross section (various options). 


material. Besides excavation, minimalistic use of concrete will also add towards the reduction of 
carbon foot print. 

Earning sources of up to 70% of the local population is through livestock and agroforestry 
(Jamilu et al. 2014). Project will also offer greater sustainability through the multi-use i.e. agrofor- 
estry aspect. Tail race channel will offer 64 m3/sec of clean water to be used for fruit potential 
areas downstream. Solar based treatment plant for drinking water can value add to the multi-use 
aspects. 
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ABSTRACT: The Line 16 Project sought to find solutions to reduce its construction and oper- 
ations costs, with emphasis on solar photovoltaic energy generation, reduced energy consump- 
tion and construction costs due to the adoption of high-capacity elevators in deep level and low- 
ridership stations. A large diameter (14 m) tunnel boring machine (TBM) was adopted, which 
will house, in addition to the tracks, station platforms, technical equipment rooms and also 23 
intermediate train parking spaces, reducing capital costs for construction of surface depots, in 
addition to operational energy savings due to reduced train shunting distance. 


1 INTRODUCTION 


Currently, the Metropolitan Region of São Paulo (RMSP) has approximately 355 km in oper- 
ation with 169 stations, transporting an average of 5.3 million passengers/day (October/2019). 
Of this total, 89 stations and 104 km are served by Metro and Monorail. 

Line 16 will transport more than 800,000 passengers daily, will be able to benefit 1.46 million 
inhabitants and facilitate access to 968,000 jobs that are on its area of direct influence. Another 
16.2 million inhabitants who are on area of indirect influence will also benefit from the new 
line and will be able to connect to a rail network with more than five hundred kilometers in 
length and three hundred stations in 2039. 

In its layout, the line will be about 32 km long and have 23 stations. It should interconnect 
the eastern end of the city of São Paulo, passing through the East Zone and the region of Pau- 
lista Avenue in the West Zone, serving the neighborhoods where there is a high concentration 
of jobs and urban facilities. (Figure 1). 
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Figure 1. Scheme of the project location in the city of Sao Paulo-SP-Brazil. 
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Line 16 will be the longest line in Sao Paulo subway network. In a scenario of financial con- 
straints, it requires the adoption of solutions that are not only efficient and economical, but 
above all innovative and sustainable. This project aimed to find solutions to reduce construc- 
tion and operation costs and environmental impacts, with emphasis on four-track TBM for 
line construction, solar photovoltaic energy generation and high-capacity elevators in deep 
level and low ridership stations. 


2 GENERAL ASPECTS 


Line 16 traces from the west side region of the São Paulo sedimentary basin, heading towards 
the east side, crossing the Tamanduatei and Aricanduva rivers, reaching varied Precambrian 
rocks in the eastern portion. Along the route, the differences in terrain elevations are quite 
significant, ranging from about 815 meters in the region of the Paraiso station, to about 730 
meters in the region of the floodplains of the Aricanduva river. In order to minimize the depth 
of the stations, a maximum ramp of 5/100 was adopted in the project. 


3 PLANNED CONSTRUCTION METHOD 


The methodology most used in the São Paulo Metro projects and in several others around the 
world has been the adoption of double-track tunnels (TBM2), executed with a tunnel boring 
machine with a diameter between 9 and 12 m, see in Figure 2. 

The Barcelona Metro pioneered an alternative solution in its Line 9, having as the backbone of 
the project the execution of large-diameter track tunnels, larger than 12 m, capable of housing tech- 
nical rooms and the station body. More recently, there was a resumption of the theme by the stand- 
ardization and innovation study groups of the Sao Paulo Metro for its application in the projects 
under study (TBM4). For this, all assumptions related to the size of the cars, electrical supply 
system, permanent way and ventilation, among others, were reassessed, seeking to reduce the 
tunnel excavation section carried out in TBM to the minimum necessary. This constructive method 
has a series of characteristics that can be advantageous, applied in similar contexts to those found 
in Barcelona and recent BART project in Santa Clara County (USA). The following stand out: 


— Almost complete industrialization of the tunnel construction process using TBM, including 
the excavation of station platforms. Thus, the TBM does not need to be dragged through 
stations, potentially reducing the line excavation time. 

— Significant reduction in the cross-section of station tunnels in TBM4 compared to stations 
made in Conventional Excavation. These sections are usually the most complex of the 
underground work. 

— Greater flexibility for positioning the shaft at the stations, as both platforms are accessed 
from the same side. This feature can be very interesting in transfers with existing stations. 

— The strategic track switches along the line occur through ramps connecting the secondary 
tracks of each floor, so that the movement of trains between floors does not interfere with 
commercial operation. 

— The technical rooms can be partially or fully inserted into the extension of the platforms, 
reducing the need for excavation or use of expropriated land. 

— Floor-to-ceiling platform doors segregate air from platform tunnels. This solution, added 
to the use of fire doors between platforms and the well, allows one platform to serve as an 
escape route for the other, and the well to be used as a safe place for both platforms, redu- 
cing the time for passengers to evacuate. 

— There is the possibility of extending platforms in existing stations, in case the trains have to 
be extended due to some future demand increase, if the grade is suitable for this. 

— Due to the parking of trains along the tunnel, there is a reduction in the time and distance 
required for the line’s carousel to start operating, resulting in a reduction in the area of the 
train parking yard and energy reduction spent daily for commuting trains to the courtyard. 


192 


— Construction of tunnels and shafts in relatively independent blocks, so that the work on 
one can take place without significantly impacting the development of the other, eliminat- 
ing some precedents that can impact the time-path. 

— As the two halves of the tunnel are hermetically insulated, it is possible that the evacuation 
of users in the event of an incident is carried out through the section of the tunnel that was 
not affected, through pressurized stairs between floors. 

— Greater ease and flexibility in the implementation of future stations along the line, since the 
platforms are already contained in the track tunnel, requiring only the lateral connection 
with the escalator shaft. 
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Figure 2. Typical, one way track (TBM1) two-way track tunnel section (TBM 2) and proposed 4-way 
track tunnel (TBM 4). 


3.1 Track tunnels 


3.1.1 TBM 2 

The tunnel boring excavation method was adopted in most of the project sections of Line 16- 
Violet with different configurations, depending on the local ground conditions and surface 
occupation conditions as described below. 

The adoption of TBM2 in subway line projects has become standard in several projects around 
the world. In the São Paulo Metro, it was adopted on Line 4-Yellow, part of Line 5-Lilac, part of 
Line 2-Green, under construction, and entirely on Line 6-Orange. The TBM2 has great versatility 
for the deployment of ground conditions along the line and leads to stations with a lateral plat- 
form, a usual solution for lines with high demand. In the case of TBM1 in Figure 2, above, transi- 
tion tunnels and track switches would need to be executed in Conventional Excavation. 

In the preliminary design of Line 16, TBM2 was adopted for the track tunnels in the section 
between the Rio da Pedras and Regente Feijó stations, as it suits the ground conditions to be 
excavated, initially composed of soils from the São Paulo Sedimentary Basin. 

The choice is also in line with the design of the Analia Franco station on Line 2-Green 
where the tunnel boring machine will be dragged. The adoption of other tunnel boring 
machine diameters would require changes in the executive project of the Analia Franco sta- 
tion, already under construction. 

The TBM? excavation section presents significant diameter reductions in relation to previous 
projects, proven after integrated studies of the civil systems and track areas. In addition, it was 
possible to reduce the gap from 4.0 m to 3.75 m. The final excavation section reached was 
o 10.56 m, considering a 0.40 m thick concrete ring and the extension to be excavated of 7,062 m. 


3.1.2 TBM 4 

The TBM4 tunnel boring machine excavates an area that can contain tracks, stations, technical 
rooms and strategic parking lots along the line. Such use takes advantage of the predictability, prod- 
uctivity and low risk of mechanized equipment, greatly minimizing risk costs and deadlines when 
compared to the conventional tunnel solution in stations and intermediate parking lots. TBM4 was 
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adopted in the Regente Feijo/Oscar Freire stretch after rigorous comparison between advantages 
and disadvantages in relation to TBM2. The study also considered the rapid technological evolution 
of large-diameter equipment, and the peculiarities of the stretch. Among these peculiarities, the fol- 
lowing stand out: favorable geological mass, scarcity of free land on the surface and its high cost, 
high urban density and urban occupation with numerous buildings in the area of influence of even- 
tual station body tunnels in Conventional Excavation. In the comparative study, the TBM4 solution 
on a stretch of Line 16- had to prove economically and technically viable. For this, a project review 
was carried out that could lead to a reduction in the excavation diameter, initially of @ 14.98 m, and, 
consequently, in costs. The final excavation diameter obtained was ọ 13.98 m, which could contain 
the station, parking lots, emergency exits and technical rooms. Another advantage of the solution is 
the possibility of parking trains along the stretch in strategic positions. In the case of Line 16, it was 
possible to lease 23 intermediate parking lots between Regente Feijó and Oscar Freire, thus eliminat- 
ing the need for a second yard in addition to Henry Ford yard. 


3.1.3 Conventional excavation 

The track tunnels between Rio das Pedras and Cidade Tiradentes cross very long stretches of 
tracks between stations, of more than 3,000 m, and of high track depth, up to 100 m, requiring, 
in order to meet the safety standards for double track tunnels, running very deep VSEs in large 
numbers. Additionally, the stretch crosses an extremely variable geological substrate and likely 
very frequent rock/soil intercalations. In view of this, the option of Conventional Excavation 1 
(single track) tunnels was adopted for track between Rio das Pedras and Fazenda do Carmo 
Station. The advantage of this is the elimination of 10 emergency exits to the surface, being 
replaced by 30 emergency exit tunnels between the roads every 250 m. During the development 
of the Final project, with the execution of a boreholes campaign in the section, its execution in 
TBM1 may prove to be viable. From Fazenda do Carmo station towards Cidade Tiradentes 
station, due to the lower coverage of the tunnels and shorter distance to Cidade Tiradentes, the 
adoption of Conventional Excavation 2 (double track tunnel) and VSEs is expected. The 
Figure 3 shows the distribution of the construction methods of the tunnels on Line 16. 


TBM4; 12113 m; 


CT 1; 8530 m*; 27% 38% 


* CT1 - Total 
of 17,060 m of 
tunnels 


CT 2; 3995 m; 13% 
TBM2; 7062 m; 22% 


Figure 3. Distribution of the construction methods of the track tunnels along the route of Line 16 
(CT 1- Conventional Tunnel single track, CT 2- Conventional Tunnel double track). 


3.2 Stations 


The station model with overlapping tracks excavated by TBM4 meets most stations designed 
in the Regente Feij6/Oscar Freire stretch -Figure 4. 

However, at Paraiso station, which integrates with lines 1-Blue and 2-Green, due to the high 
forecast of transfers, TBM4 leads to an insufficient width of platform. In this case, we opted for 
the construction of the station body in a Conventional Excavation, surrounding the TBM4, 
with the great operational advantage of allowing independent platforms for boarding and alight- 
ing, as they are superimposed, an unfeasible solution for the TBM2, since it leads, at first, to 
side platforms. In the TBM2 and Conventional Excavation sections, standardized stations are 
provided with central shaft, lateral shaft or cut and cover. 
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Figure 4. Station with side shaft and main vertical circulation via high-capacity lifts from Barcelona’s 
Line 9 (Font: http://www.cat-bus.com/2017/10/barcelonas-line-9-inspiring-montreals-pink-line/). 


4 MAIN PLANNED INNOVATIONS 


41 TBM4 


The adoption of TBM 4 allowed several important potential gains as mentioned above in chap- 
ter 3. The development of standard stations for excavation using the TBM4 method considered 
the demand profile of a conventional subway line. Apart from the transfer stations, which 
require a greater number of stairs, all other stations on the stretch have demand met by up to 
three escalators per floor. Standard stations are divided into three types: side shaft, central shaft 
(Figure 5) and Cut& Cover. However, they all have the following characteristics in common: 


— The platform doors will be of the “total closing” type, isolating the way from the station, in 
order to reduce the impacts of the piston effect on the station and the size of ventilation 
ducts on the platform. 


Figure 5. Standard central shaft station top platform plant. 


— The gap between the platforms will be 5.61 meters. 

— Complementing the platform doors, space is provided to place fire doors between the plat- 
forms and the shaft. These doors will ensure that the two platforms are watertight, one 
serving as an escape route in the event of an accident on the other, through pressurized 
stairs located at both ends of the platforms, connecting one to the other. 

— There will be two elevators between the mezzanine and platform levels. They will serve 
both platforms. 

— Part of the technical rooms will be placed inside the tunnel, in the extension of the platforms 

— The upper platform will have a useful width of 4.30 m (considering in this case the free 
height of 2.10 m from the edge of the fixed panels of the platform doors), while the lower 
platform will have a useful width of 5.20 m. 

— There will be a set of up to three escalators, one fixed staircase and two elevators per drop. 
If necessary, there is provision for another fixed ladder enclosed in the pit/ditch, to assist in 
the escape route. 
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4.2 High capacity elevators 


Another innovation applied to Line 16- was the use of high-capacity elevators, in certain sta- 
tions and accesses, as the main means of vertical movement of passengers. The study con- 
firmed the feasibility of applying the elevators to low demand stations and great depth 
through the evaluation of scenarios of operational normality, operational delay, power outage 
in auxiliary systems and evacuation. The possibility of reducing energy consumption for verti- 
cal circulation equipment was investigated in the case of adoption of high-capacity elevators. 
Based on operational data from the São Paulo Metro, it was found that, for average height 
differences of 7.5 m, escalators consume on average between 22 and 30 MWh/unit/year. This 
value is much higher than the electrical consumption of elevators, verified with one of the 
manufacturers surveyed. For the difference in level consulted, of approximately 40 meters, the 
annual consumption per elevator was established at around 2.8 MWh/year. Considering the 
number of circulation equipment per station, energy consumption savings can reach 90%. 


Table 1. Comparison between electricity consumption of elevators and escalators for station 
with a difference of 37 meters between line of locks mezzanine and platform. 


Parameter Escalators High Capacity Elevators 


Number of equipment 10 8 
Annual consumption per equipment 22 to 30 MWh 3 MWh 
Total annual consumption 220 to 300 MWh 24 MWh 


The main benefits of adopting elevators compared to escalators are: 


— Reduction in passenger travel time within stations, a benefit that is greater the greater the 
depth of the station; 

— Reduction in the amount of circulation equipment needed; 

— Reduction in the diameter of the wells at the stations, with an impact on construction time, 
the volume of excavations, the volume of concrete and expropriations; 

— Reduction of up to 90% in energy consumption of vertical circulation equipment. 


4.3 Photovoltaic generation 


The photovoltaic power generation system can be deployed in the yard, at stations, sub- 
stations, emergency exit, where possible in order to meet specific loads. The insertion in these 
locations depends on the evaluation of available areas on the buildings and on the ground. 
The system must consist of photovoltaic modules, panels, inverters and other elements neces- 
sary for safe operation and adequate performance. The system must be connected to the 460 
Vac or 220 Vac buses of the low voltage system and supply as many loads as possible con- 
nected to these buses. 

The photovoltaic system supervision must be interconnected through a local network to the 
low voltage command, control, and supervision. This system should allow the command and visu- 
alization of the generator set equipment through mimic screens. The photovoltaic power gener- 
ation potential for Line 16 was estimated based on the total area of 232 thousand m2 for the 
emergency exits, stations, substations and for the Henry Ford yard. It is estimated the possibility 
of implementing approximately 69 thousand photovoltaic modules in the mentioned area. Consid- 
ering that a module can generate 2.03 kWh/day, 60.9 kWh/month and 730.8 kWh/year, it is pos- 
sible to obtain 140 MWhi/day, 4.2 GWh/month and 50.4 GWh/year considering all modules. The 
use of bifacial splints with the technology currently available was considered, which results in the 
aforementioned potentials. This is a very optimistic scenario that does not consider shading in cer- 
tain stretches of the planned areas, as well as those that could be used for associated projects that 
are competing in relation to the potential use by the mentioned locations of the line. 
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Table 2. Photovoltaic power generation potential on Line 16. 


Constructive units Area [1.000 m7] Power [MWp] 
Stations 94 15 

Henry Ford Yard 105 17 
Emergency exits, electrical substations 33 5 

Total 232 37 


5 EXPECTED RESULTS 


The adoption of a TBM4 and high-capacity elevators as the main form of circulation within sta- 
tions has already taken place on other metro lines. However, these innovations were never 
applied to lines with the load and demand profile of Sao Paulo metro. The main challenges faced 
during the project are related to adapting these innovations to a line with a higher demand. 

Regarding TBM4, the biggest difficulty was determining which design parameters could be 
revised to result in the smallest tunnel diameter, without compromising system capacity. 
Aspects of structure, tracks, systems and rolling stock were reviewed by a multidisciplinary 
team. To define which parameters would be adopted, the potential diameter reduction was 
weighed against the impacts on service and other design requirements. The study recom- 
mended to adopt electric rail, reducing intertrack space, railcar height and train floor height, 
resulting in a 11% decrease in tunnel diameter. 

Concerning high-capacity elevators, it was necessary to evaluate what demand can be met 
and from what depth their use becomes advantageous. The challenges encountered refer to 
regulatory compliance, assessment of operational scenarios, passengers waiting and journey 
time and shaft diameter depending on the lobby layout. The study concluded for the adoption 
of elevators in stations with demand up to 5,400 p/h/direction and depth from 25 meters 
between fare gates and platforms. The lobby layouts and the capacity and number of elevators 
were defined according to demand profile of each station. The topography along the line, 
associated with interference with existing lines and with buildings in high land value neighbor- 
hoods, required this line to be designed at great depth, which leveraged the benefit of adopting 
elevators, reducing the diameter of station shafts. 


6 QUEST FOR ZERO CARBON 


In order to promote sustainability this project aimed to find solutions to reduce construction 

and operation costs and environmental impacts, with emphasis on four-track TBM for line 

construction, solar photovoltaic energy generation and high-capacity elevators in deep level 

and low-ridership stations. Line 16, in its first year of operation, would reduce 100,000 tons of 

CO, emissions, avoid 1,700 traffic accidents, avoid the consumption of 49 million liters of fuel 

(350 million km travelled by motor vehicles and reduce total trip times by 66 million hours). 
TBM 4-Main challenges 


— adapting this innovation to a line with a higher demand, 

— determining which design parameters could be revised to result in the smallest tunnel diameter, 
— the line construction timespan can be reduced by up to 14 months 

— reduction of capital costs for construction of surface depots 


Photovoltaic Energy Generation: 


— Potential surface: 230,000 m? (considering stations, ventilation shafts and depots building area) 

— Power generation capacity: 50.4 GW per year (38% of the line total electricity demand, includ- 
ing 100% of station/depot usage and 14% of electric traction system power requirement). 

— Payout period: 5.5 years (according to 2020 market prices) 


High-capacity elevators were adopted at deep stations with low ridership. 
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— depths greater than 25 meters between fare gates and platforms 

— up to 5,400 passengers/h/direction 

— elevator capacity of 33 and 40 passengers (suitable for 7 stations) 

— improvement on passenger travel experience at deep level stations 

— Decrease on average time trip between faregates and platforms by 73s up to 136s 

— 34% reduction in excavated material volume for station shafts 

— 43% reduction in the quantity of vertical circulation equipment (elevators x escalators) 


7 CONCLUSION 


Line 16 should generate the equivalent of R$1.36 billion/year in social benefits. Key components 
of these benefits are reduced travel times and reduced operating costs for buses, cars and mo tor- 
cycles. Such positive externalities benefit both Line 16 users, as well as other users of the metrop- 
olis’ transport system and society as a whole. 
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Figure 6. Sao Paulo Metro- Greenhouse gas emissions per passenger-Km. 


Considering the Brazilian energy matrix with strong bases in renewable energy, especially 
hydroelectricity, the Sao Paulo Metro is in an enviable situation in terms of CO2 emissions 
(Figure 6) with an emission of 5 gCO2e/p., grams of CO2 emitted per passenger per kilo- 
meter). However, with the savings foreseen in Line 16, this emission may be reduced by 1/3, 
reaching values of 3.5 cCO2/p Km in Line 16. 

The choice of TBM 4 on a stretch of Line 16 proved to be advantageous from the point of view 
of schedule, surface area savings and energy savings, as well as the use of high-capacity elevators, 
where applicable, should also represent gains in cost savings. energy and travel time. The wide- 
spread use of photovoltaic generation can lead to self-generation of 38% of all energy consumed 
on line 16. 
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ABSTRACT: In this study, numerical analysis was applied to investigate the mechanical 
behavior of separated pipe joint rehabilitated by the Cured In Place Pipe (CIPP). The numerical 
model was calibrated by the laboratory test results, then applied to simulate the rehabilitated 
pipelines with various geometries and loading conditions. The influence of control factors, 
i.e. backfill, interface, etc., on CIPP rehabilitation performance was also analyzed in details. The 
results of this study suggest that the CIPP could improve the separated joint to certain extent, 
and the findings could be applied in design optimization and guideline development. 


1 INTRODUCTION 


Joint is the major source of failure and installation problem of underground pipelines (Hau et al., 
2004; Khan et al., 2010). Aged underground pipelines are commonly located below busy roads, 
and the traditional open-cut method involves significant social and economic impacts. Therefore, 
the trenchless technologies were developed and increasingly applied in the past few decades. 
Cured In Place Pipe (CIPP), as one of the trenchless methods, provides superior alternatives that 
avoid those concerns. In the study of CIPP rehabilitation, Shou and Chen (2018), Shou and 
Huang (2020), and Fang et al. (2020) confirmed that CIPP liner can significantly reduce the stress 
and further deformation at the damaged area. It also reduces the risk of pipeline burst and pro- 
longs the service life of the pipeline. However, the design of the CIPP application is mainly based 
on experience, and still short of enough scientific studies. Although the specification of American 
Society for Testing and Materials (ASTM) F1216 serve the industry well in practice, design 
checks are not commonly applied to ensure the longitudinal and radial resistances of composite 
pipe joints (CIPP-rehabilitated pipes with a separated joint). Therefore, further study on the me- 
chanical behavior of CIPP rehabilitated joint is necessary. This study designed and con-ducted 
laboratory loading testing on the full-scale reinforced concrete composite pipe joint, rehabilitated 
by CIPP) in different scenarios. The numerical model was calibrated by laboratory test results, 
then applied to simulate more complicated conditions in series. The influence of major control 
factors (e.g. backfill, and interface) on the CIPP rehabilitation was analyzed in details. The ana- 
lysis method and the results of this study could be applied in engineering design optimization and 
industry guideline development of CIPP rehabilitation. 


2 LABORATORY TESTING 

The test specimens are consisted of two 800-mm-long reinforced concrete pipes (RCP), arranged 
with 20mm separation distance, and then the liners were inserted into the RCP by inversion. 
After the liner was cured by hot water, the specimens were cut accordingly (Figure 1). The CIPP 
liners were made of epoxy resin (EP) provided by Yutaifeng Company, Taiwan. The flexural 
DOI: 10.1201/9781003348030-25 
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and tensile strength of liner after curing meets the test requirements of ASTM D790 and ASTM 
D638. The thickness of liner is calculated according to ASTM F1216 specifications. 

The testing was performed by the MTS servo-hydraulic test system with a maximum loading 
capacity of 600 tons. Through a special adapter, the 320 cm x 30 cm x 50 cm I-beam was con- 
nected to the load cell. The loading process was controlled by force with a fixed loading rate. To 
measure the deformation and stress changes of the RCP and the CIPP liner, the pipe was div- 
ided into four directions: crown, invert, left (Springline-L), and right (Springline-R). A series of 
sensors was installed. All the sensors were calibrated be-fore the testing, and the data recorded 
by the CANSAS-L module was transferred to the computer for further analysis. 


out and liner curing. 
h Zo an ENG, | E 


Cutting, transporting, testing of specimens. 


Figure 1. The preparation of test specimens. 
3 NUMERICAL MODEL FOR VERIFICATION 


3.1 Mesh information and boundary conditions 


There are three types of elements used in the numerical model: three dimensional solid elem- 
ents (C3D8R) for concrete and liner, three-dimensional discrete rigid solid elements (R3D4) 
for load cell beam and lower bearing support, and three dimensional wire elements (T3D2) for 
steel cage. The mesh for the analyses of the numerical model is shown in Figure 2, total 
number of elements are 32660. In this study, bottom bearing supports were restrained in 
y direction, and the load cell beam was restricted in all directions except y axis. 

For the material parameters, due to the interaction between the liner and RCP interface, the con- 
crete pipe could dilate due to shear strain and expand due to the shearing of the crack. The results 
of this study load-displacement laboratory testing in Figure 3 show that the failure behavior of the 
specimen tends to be ductile. According to Malm (2006), the dilation angle of the RCP could be 
between 30°~40°. This study reasonably took the value of 35° for the analyses. The values of eccen- 
tricity = 0.1, fb0/fc0 = 1.16, and KC = 2/3 were used in all CDP models (Darabnoush Tehrani, 
2016). The physical properties of the CIPP line were determined by the ASTM D790 flexural 
strength test and the ASTM D638 tensile strength test. Table 1 shows the properties of materials 
used in the numerical analysis. The CIPP rehabilitation, CIPP liner and host pipe can be well 
bonded, and there is a close fit between CIPP and the pipeline. It can be reasonably assumed that 
the displacement between liner and host pipe is quite small and can be considered as zero. 
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Table 1. Properties of materials used in the numerical analysis. 


Concrete Steel cage Liner 
Mass Density (t/mm°) 2.30E-09 7.80E-09 1.85E-09 
Poisson’s ratio 0.2 0.3 0.3 
Youn’s modulus (MPa) 13228 97000 2876 
Yield strength (MPa) 25 550 
Flexural strength (MPa) 48 
Tensile strength (MPa) 22 


Load cell beam 


Lower bearing support Numerical module 


Figure 2. The mesh for the analyses of the numerical model. 


3.2 Verification with laboratory testing 


The load-displacement curve in Figure 3 reveals that the results of numerical analysis is 
greater than those of laboratory testing in the initial part of the curve. In the later stage of 
loading, the material becomes plastic after buckling, and the specimen also possess cracks due 
to the loading exceeding the allowable strength of the material. The results suggest that the 
average discrepancy of RCP specimens is about 5.56%, RCP with CIPP specimens was 2.14%, 
RCP separated joint with CIPP was 4.82%. Although there is a larger discrepancy for the case 
of displacement (normalized by pipe diameter) less than 0.5% and greater than 3.5%, the veri- 
fication results are quite reasonable. 


4 NUMERICAL ANALYSIS 


4.1 Meshes and boundary conditions 


The verified numerical model was further developed by adding soil mass with different mater- 
ial properties, boundary conditions, and loading conditions. The C3D8R element was adopted 
for the pipe and the soil mass. Since the behavior of the liner at the joint was the focus of this 
investigation, the mesh within 600 mm of the joint was finer, yielding more detailed results, as 
illustrated in Figure 4. For the boundary conditions, the front and rear sides of the RCP were 
considered rollers in the z direction, and the left and right sides were considered rollers in the 
x direction. The bottom boundary was fixed by hinges, and the top boundary surface was 
a free surface. The pipe buried in the soil was not assigned a boundary condition. In addition, 
the interface elements were applied at the soil-pipe interface. 


4.2 Material properties 


For the study cases, according to the related study (Shou et al. 2018; Lin et al. 2020), the 
mechanical parameters of gravelly soil used in this study were defined as follows: density is 2.2 
t/m3, elastic modulus is 300 MPa, cohesion c is 20 kPa, internal friction angle ọ is 40°, lateral 
earth pressure coefficient Kg is 0.398, Poisson’s ratio v is 0.3. The dilatancy angle of soil 
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depends on both the density and on the friction angle. For quartz sands the order of magni- 
tude is y=o-300. For this study, the dilation angle y is adopted as 10°, as shown in Table 2. 
For the soil-pipe frictional coefficient, according to Shou et al. (2010), 0.523 was adopted in 
the numerical analysis of this study. 
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(c) RCPs with separation joint repaired with liner. 


Figure 3. Load-Displacement Curve of (a) RCP. (b) RCP repaired with liner. 


To understand the influence of surface loading on the stress distribution of the liner at the 
pipe joint, the three radial profiles of AA', BB';, and CC' were adopted for detailed analysis in 
this study, as shown in Figure 5 (a). The AA' section was 300 mm from the center of the separ- 
ated joint, the BB' section was 100 mm from the center of the separated joint, and the CC' 
section was at the very center of the separated joint. In the longitudinal direction, the top 
(crown), bottom (invert), and side (springline) from the center of the joint to the two ends 
were adopted as the longitudinal profiles, as illustrated in Figure 5 (b). 


Table 2. Soil material parameters of full-scale numerical model. 


parameter yı (t/mm?) ọ (0) y (0) c (kPa) Ko v E (MPa) 


value 2.20E-09 40 10 20 0.398 0.3 300 
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(a) Radial profiles. (b) Longitudinal profiles. 


Figure 5. The schematic diagrams of the liner profiles of stress distribution. 


4.3 Parametric study of the control factors 


4.3.1 Influence of burial depth 


Regarding the influence of the burial depth, Figure 6 illustrates that stress in the BB' and CC' 
profiles, the bottom (invert), and the springline, all decrease as the burial depth increases. 
However, stress at the top (crown) position tends to decrease as the burial depth increases 
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from one to two times the pipe diameter; nevertheless, when the burial depth increases from 
two to three times the pipe diameter, stress increases. The influence of the burial depth on the 
pipe joint behavior is different in the longitudinal and in the lateral directions. 
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Figure 6. Von Mises stress distribution in the radial cross sections with loading in perpendicular direc- 
tion and different burial depth. 


4.3.2 Influence of backfill 

To investigate the effects of the backfill, the two most common backfill materials, namely cement 
and polymer, were considered in the analysis. The annular voids of the separated joint were con- 
sidered backfilled by cement materials. As illustrated in Figures 7, the von Mises stress of the 
liner at the joint in the longitudinal section, was significantly reduced after the backfill. However, 
for the polymer backfill case in Figure 7, the stress of the liner at the joint, whether in the lateral 
or longitudinal sections, significantly increased, especially on the crown side of the CC’ section. 
This may have been because polymer was more flexible than the RCP and CIPP liner. 


4.3.3 Influence of interface properties 

For better understanding the influence of interface properties, two conditions were considered 
first, i.e., perfectly bonded and unbonded conditions. The parameters of the perfectly bonded case 
was set to Tie. For the unbonded case, the normal behavior was set to hard contact, and the tan- 
gential behavior is set to frictionless. Then, a more practical condition of partially bonded (Shou 
et al. 2020) was considered. The cohesive behavior of the interface was implemented with the con- 
sideration of the high roughness of the corroded surface RCP, in which the relevant parameters of 
a smooth interface were enlarged by 10 times for the analysis. Figure 8 illustrates the stress distri- 
bution in longitudinal cross section. It shows that, for the unbonded case, although there is 
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a slight vertical concentration due to the bending of the liner at the junction of the top (crown) at 
the separated joint, the stress is greatly reduced at the invert and sidewalls. 
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Figure 7. Von Mises stress distribution in the longitudinal sections after backfill. 
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(@) Crown of liner. (0) Invert of liner. (c) Springtine of liner. 
Figure 8. Von Mises stress distribution in the longitudinal sections with different liner-pipe interface property. 
5 CONCLUSIONS 
The following conclusions and suggestions were drawn from the results, which can be used to 
optimize engineering designs or specification reviews. The maximum stress occurred at the 
bottom (invert) position of the CC' section of the perpendicular loading behavior. However, 


the BB' section, also exhibited a noteworthy stress concentration phenomenon on the liner 
during the loading process. 
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Backfill is effective and could protect the CIPP liner at the separated joint, especially in the 
case of rigid cement. In terms of the stress behavior, less deformable backfill can avoid the 
potential problem of stress concentration at the CIPP liner. The unbonded liner can accommo- 
date significant joint deflection up to and beyond the laying tolerance for unrestrained joints. 

There are other control factors, such as interface properties, internal pressure, groundwater, 
thermal stress, and seismic loading, that might affect the behavior of underground pipelines, 
including the case with separated joint. Further research on the influence of these factors is 
recommended to improve and optimize the CIPP rehabilitation designs. 
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ABSTRACT: This paper presents a study case on how a design solution with lower carbon 
footprint was achieved at a road tunnel crossover connecting two major stages of Australia’s 
largest road tunnel, the WestConnex Project. There was only a 3 m thick crown rock pillar 
(i.e., vertical separation) between the crossover ramp and twin mainline tunnels. Two bridging 
structures were initially designed to be cast in the mainline tunnels. These structures need to 
be heavily reinforced with concrete thicknesses up to 2 m extending for up to 100 m in length. 
Constructing these large structures underground is challenging, increasing the use of materials 
and reducing production rates. A new approach allowed for replacing one of these bridging 
structures with a Permanent Sprayed Concrete Lining combined with temporary rock 
reinforcement. Further, extensive in-tunnel monitoring combined with a specific construction 
sequence was proposed to minimise the risks of roof rock pillar failure. The in-tunnel displace- 
ments obtained from the monitoring data were then compared with the numerical predictions. 
Similar trends were observed between measured and predicted in-tunnel displacements, valid- 
ating the design. 


1 INTRODUCTION 


The demand for low-carbon design and construction in the tunnelling industry increases 
yearly. Low-carbon design can be achieved by using more low-carbon embodied materials or 
simply by designing smarter and reducing the use of materials. This paper discusses a design 
method adopted to achieve a lower-carbon permanent primary ground support for a road 
tunnel crossover connecting two major stages of the WestConnex Project. 

The WestConnex is the largest road tunnel project in Sydney, Australia, and it is being 
delivered in four stages: the M4 (5.5 km twin tunnels), the M8 (9 km twin tunnels), the M4- 
M5 Link Tunnels (7.5 km twin tunnels) and the Rozelle Interchange (complex underground 
intersection) 

(Figure la). The Westconnex project also provides connections to a number of future tun- 
nels and projects such as M6 Tunnels, the Western Harbour Tunnel, the north shore and 
northern beaches, Sydney Gateway and the southern suburbs. 

A ramp tunnel (M1B0) with a span of 19 m from Rozelle Interchange crosses over the twin 
main tunnels, M110 with a span of 18 m and M120 with a span of 13 m of M4-M5 Link, at 
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a skew angle of 30° and connects with M4-M5 Link Tunnels. The vertical separation (i.e. 
a horizontal roof or crown rock pillar) between the ramp and M120 Tunnel varies from 
3 m to 5 m. In contrast, the vertical separation between the ramp and M110 Tunnel reduces 
from 3 m to none at the crossover (Figure 1b). 

In the early design stage, given the limited vertical separation and the risks of roof pillar 
failure, bridging structures were designed to be cast in place in both M110 and M120 tunnels 
at crossover. These bridging structures are cast-in-place underground bridges comprising 
a concrete top slab and footing legs (Figure 2). The structure needed to be heavily reinforced 
with concrete thicknesses up to 2 m extending for up to 100 m in length. Constructing these 
large structures underground is challenging, increases the use of materials and reduces produc- 
tion rates as it can only be done after temporary excavation support. The design further 
evolved to remove the bridging structure for the M120 tunnel, replacing it with much lighter 
ground support using a Permanent Sprayed Concrete Lining combined with temporary rock 
reinforcement for assisting the construction stage. Such a design change achieved a much 
lower carbon ground support. The ground support design for M120 mainline tunnel is the 
focus of this paper and will thus be discussed hereafter. 

The permanent primary ground support is installed during the excavation cycle to provide 
global stability. Where required, the permanent secondary lining was installed as secondary 
support to provide waterproofing. This paper mainly focuses on the permanent primary 
ground support design. 
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Figure 1. (a) WestConnex Project Map and (b) Tunnel crossover between M4-M5 Link and Rozelle 
Interchange. 


Figure 2. Typical underground bridging structure. 


2 GEOTECHNICAL CONDITIONS 


2.1 Geological setting 


The ground conditions at the tunnel crossover area consist of 4 m thick residual soil overlying 
a typical rock formation encountered in Sydney Basin. The uppermost rock formation is part 
of the Ashfield Shale, with a thickness of 7 m. The predominant rock formation is the 
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Hawkesbury Sandstone. An intermediate formation between the Ashfield Shale and the Haw- 
kesbury Sandstone is called Mittagong, an interbedded siltstone and sandstone rock varying 
in thickness up to 2 m. The tunnels at crossover were located mainly in competent Hawkes- 
bury Sandstone class SS-II or better with equivalent Q-value greater than ten and a ground 
cover of 50 m. 


2.2 Geological discontinuity and features 


The competent Hawkesbury Sandstone, such as class SS-II or better, is mainly horizontally 
bedded with a spacing of more than 2 m. The other major discontinuity is a 5-10 m persistence 
of sub-vertical joint with dip and dip direction of 85° and 110°, respectively, which is spaced 
at more than 3 m. 

In the design stage, a dyke was expected to be encountered in the crossover. However, the 
geotechnical investigation did not capture its orientation and weathering conditions. 

This anticipated dyke was observed during the construction of the M110 tunnel. It was pro- 
jected to strike sub-perpendicular to the M120 tunnel alignment with an 80° dip angle and 
a width of 2 m (Figure 3). The dyke is very jointed with spacing less than 0.2 m. Most of the 


Figure 3. Dyke crossing (a) at crown and (b) at side wall. 


joints are clean, and some are filled with clay. The intact rock mass within dyke is moderately 
weak, with a range of UCS between 4 to 6 MPa. The surrounding rock mass was not dis- 
turbed by the dyke. 


2.3 In-situ stresses 


It is well known that the horizontal in-situ stresses are high in the Hawkesbury Sandstone, and 
they are capable of causing brittle failure, including tensile cracking and bedding shear move- 
ments (Oliveira & Diederichs 2017, McQueen et al. 2018). The major horizontal in-situ stress 
(oy) direction within the Sydney basin is typically 20° east of north (Pells 2002), and the direc- 
tion of minor horizontal in-situ stress (op) is normal to oy. The in-situ stresses measured in the 
vicinity of tunnel crossover indicate that the orientation of major horizontal in-situ stress is 
normal to the tunnel alignment and that high in-situ stresses were expected around tunnel open- 
ing. The relationships between horizontal and vertical in-situ stresses proposed by Oliveira & 
Parker (2014) were adopted to capture rock mass quality and stiffness varying with depth. 


3 DESIGN APPROACH 


3.1 Design challenges 


When removing the cast-in bridging structure from the M120 tunnel, the following key design 
challenges were faced during the development of an alternative support system: 
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e A narrow vertical separation between M120 and MIBO poses a great risk of roof rock 
pillar failure (minimum of 3 m depth) due to overstressing caused by crossover tunnel exca- 
vation and geologically structural controlled failure triggered by unfavourable joint and 
adverse features such as a dyke. 

e Installation of an active support system with a suitable length of permanent rock bolts is 
not feasible due to limited rock cover above the M120 tunnel and the risk of bolt damage 
during the excavation of the M1B0 ramp over the M120 tunnel. 

e Limited control over the excavation sequence of the M1BO ramp and construction loads 
due to the M1BO ramp being excavated by another contractor in a different project. 

°- Tunnel support aims to provide adequate resistance against stress-induced failure or 
deformation. In other words, the support system should behave in a ductile manner to 
absorb stress-induced deformation while assisting tunnel stability. 


3.2 Design concept 


An active permanent primary support system consisting of a pattern rock bolt with thin shot- 
crete is proven more suitable for tunnels in a competent Hawkesbury Sandstone class-III or 
better in Sydney, Australia (Pells, 2002). This approach targets the stitching of thinner bed- 
dings together by increasing the bedding parting’s shear and tensile strength such that they 
behave as an equivalent thicker rock beam to minimise crown beam deflections. In this scen- 
ario, rock bolt length is governed by the number of beddings required to form a stable com- 
pressive arch above the tunnel crown. On the other hand, pattern rock bolts also provide 
anchorage or suspension of any protentional unstable blocks or wedges around opening while 
bolted thin fiber reinforced shotcrete is to provide a support to any small wedge/block formed 
within the pattern bolts. However, this well-known active support system is not suitable for 
the M120 tunnel given the length constraints for the installation of a permanent pattern of 
rock bolts in the narrow roof rock pillar and the risk of bolt damage during the excavation of 
the M1B0 ramp. 

Alternatively, permanent passive ground support consisting of thick fibre reinforced shot- 
crete tunnel lining is more suitable to replace the cast-in bridging structure in the M120 
tunnel. Passive ground support is typically used where stress arching development is limited 
due to shallow ground cover and poor ground conditions. The design of passive ground sup- 
port is governed by the overburden of loosened material above the tunnel crown and below 
the stress arching. In contrast, tunnels M120 and M1BO0 are in competent rock. Still, during 
excavation of M1B0, the narrow roof rock pillar between M120 and M1BO may attract a sig- 
nificant load, which may cause large stress-induced deformation and failure associated with 
high stress such as spalling, tensile splitting and shear in the roof pillar. In addition, due to 
skew crossover, a non-uniform deformation is anticipated in the roof pillar. Therefore, the 
proposed passive support system should not only have the capacity to carry the passive load 
but also has adequate resistance to absorbing high stress-induced deformation or energy. As 
shotcrete bonds well with the competent Hawkesbury Sandstone, both will act as one unit, 
potentially in a brittle manner. To enhance the ductility of the shotcrete, layers of steel mesh 
were considered in the proposed passive support for the M120 tunnel. The need to apply the 
total thickness of passive lining near the face was removed by installing cuttable GFRP bolts 
as a temporary means of support during the excavation cycle to increase the tunnel advance 
and production rate. Based on these design concepts, a robust ground support system for the 
M120 tunnel at crossover was proposed, as shown in Figure 4. 


3.3 Design analysis and results 


A detailed design analysis, including 2D and 3D numerical modelling, was conducted to 
assess tunnel stability and performance for the proposed support system for M120 Tunnel at 
crossover. Input parameters used in the numerical modelling are given in Table | and Table 2. 
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Figure 4. The proposed passive ground support system for M120 tunnel at crossover. 


Table 1. Input parameters for rock. 


Sandstone Mittagong Shale 


Rock mass parameters (SS-II) (SS-HD) (SH-II) Dyke 
Intact parameters UCS (MPa) 25 15 15 4 
mi 17 17 8 8 
Unit weight (k N/m) 24 24 24 23 
Poisson’s ratio 0.2 0.2 0.2 0.25 
Continuum model Young’s modulus 2000 1000 1000 150 
(MPa) 
GSIpeak 65 55 50 30 
Discontinuum Young’s modulus 4000 3500 1500 500 
model (MPa) 
GSIpeak 85 80 60 40 


Table 2. Input parameters for rock discontinuity. 


Discontinuity | Normal stiffness Shear stiffness Cohesion Dilation Residual friction 


type (GPa/m) (GPa/m) (kPa) (°) (°) 
Bedding 4000 400 10 8 32 
Joint 8000 400 0 12 32 
Joint within 4000 400 10 4 28 
dyke 


The analysis results were also used to define potential failure mechanisms and optimise 
shotcrete thickness and steel mesh layers and types, tunnel advance length, the shape of tunnel 
roof arch, abutment width and pre-support requirements. A typical support design for 
a tunnel in a competent Hawkesbury Sandstone is well documented in many technical papers 
(e.g., Pells, 2002; Oliveira & Diederichs, 2017; Oliveira, 2019; Thirukumaran et al., 2021). 
Therefore, only design analysis associated with tunnel crossover is presented in this paper. 


3.3.1 3D Continuum numerical model 

A 3D continuum numerical model was developed using Plaxis 3D program to assess global 
behaviour. This involved assessing induced stresses and deformation in the roof rock pillar 
between the M120 and MB1O tunnels and in the passive support system of the M120 tunnel 
due to the excavation of M1B0 over the M120 tunnel at the crossover area. In this model, 
the near-surface material and rock mass, including dyke was modelled as an elastic- perfectly 
plastic continuum material with a Mohr-Coulomb failure criterion. Rock mass 
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discontinuities such as bedding planes and sub-vertical joints were not explicitly included in 
the continuum model. The passive permanent shotcrete lining of the M120 tunnel was mod- 
elled as an elastic plate element with interface elements. In contrast, GFRP bolts were not 
considered as they were redundant in the permanent case. The rock-shotcrete interface was 
modelled as an elastoplastic material with the Mohr-Coulomb failure criterion. The inter- 
face’s shear behaviour is considered with a friction angle of 35° and apparent cohesion of 
100 kPa. The normal and shear stiffnesses of the shotcrete-rock interface adopted in the ana- 
lysis are 10 GPa/m and 1 GPa/m, respectively. The construction sequence of tunnels at the 
crossover was simulated using 73 intermediate stages. The analysis results show that the 
maximum and average induced stresses (i.e., principal stress o1) in the crown rock pillar 
range between 5 MPa and 9 MPa and 6.3 MPa and 7.3 MPa, respectively. The displacement 
contours show possible shearing in the roof rock pillar when Ramp (M1B0) tunnel advances 
above the M120 tunnel (Figure 5b). To assess the shearing stage in the roof rock pillar, the 
shear strain distribution in the crown pillar was plotted at the critical sections (Figure 5c). 
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Figure 5. (a) Induced principal stresses, (b) vertical displacements, and (c) shear strain in the roof rock 
pillar at a critical section in the crossover. 


The results show that the maximum shear strain on the roof pillar is around 0.004 (i.e. 0.4%), 
which is less than the critical shear strain of SS-I or better rock mass (y,i¢ieq/ = 0-6%) in accord- 
ing with the relationship proposed by Sakurai (2017)()riicat = 4 X (Grockmas)^ — (2/7) %). In 
addition, global compressive strength of roof rock pillar (Gem) was calculated by Equation 1 pro- 
posed by Hoek et al (2002) and co: 


Om = Oc (oms + 4s — a(my — 85)) (m, /4 + eu +a)(2 +a), (1) 


where, ce = uniaxial compressive strength of intact rock, my = mjexp'@S!-10/28-14D) 


s = exp Ce) q = 1/2 + 1/6(exp 051/15) — exp 7), mi = material constant, GSI = 
Geological Strength Index, and D = damage factor. The following parameters were considered 
in the calculation of the global strength of pillar: m; = 17, GSI =70, 6, = 25 MPa and D=0. 
The global factor of safety of roof pillar was calculated based on the global pillar strength and 
average induced pillar stresses. In contrast, the factor of safety (FoS) against local failure of 
roof pillar was calculated based on the maximum induced stress in pillar and the spalling limit 
of rock (i.e., CI = 0.5 x UCS as per Diederichs et al., 2010). The results show the FoS for the 
global stability of roof rock pillar is between 1.2 and 1.4, whereas the FoS against the local 
failure of rock pillar is more than 1.4. 

As expected, non-uniform induced displacement was observed in the passive lining, which is 
more pronounced at critical crossover sections (Figure 6). A high induced axial force in the lining 
area corresponded to an area where high induced stresses caused high induced displacements/ 
deformation in the rock pillar. Although geotechnical numerical programs specialise in capturing 
the complex ground-structure interaction, they are limited to dealing with multiple load combin- 
ations such as fire resistance, shrinkage, creep and M&E fittings. To overcome this limitation, 
a structural numerical program such as SAP2000 was used to complete further structural analysis 
of passive lining. The details of structural analysis, including input, methodology and results for 
the passive lining of the M120 tunnel at crossover, are given in Alaeddini & Thirukumaran 
(2021). In this paper, the induced ground movements from M1BO0 excavation on the M120 passive 
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lining were directly used as an input of ground load instead of overburden of rock pillar. Based 
on this approach, a similar design action of passive lining between geotechnical and structural 
model was simulated, and this enhanced a further structural design sensitivity check. Both analysis 
results showed that 300 mm thick fibre-reinforced shotcrete with four layers of SL81 steel mesh 
were required to provide an adequate capacity to absorb the high deformations in the roof pillar. 
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Figure 6. (a) Induced displacements, (b) axial forces and (c) bending moments in the passive lining of 
M120. 


3.3.2 2D Discontinuum numerical model 

2D Discontinuum models were developed using UDEC program to explicitly simulate the 
effect of geological discontinuity, such as joints and beddings and adverse features, such as 
dyke, on the stability and support performance at crossover. For the sandstone block, an elas- 
tic-plastic discontinuum material with a cohesion softening—friction hardening (CSFH) behav- 
iour was used to explicitly model the behaviour of brittle rock mass under high stresses. In 
contrast, rock blocks within dyke were modelled as strain-softening material. Rock discon- 
tinuities such as bedding planes and sub-vertical joints were modelled explicitly, assuming an 
elastic-plastic material with the Mohr-Coulomb failure criterion. 
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Figure 7. District element modeling results of dyke crossing with additional weak zone treatment 
tunnel crossover (vertical displacement contours in m). 


The analysis results show that localised overbreak due to kinematic small wedge/block 
instability at dyke crossing is most anticipated in the M120 tunnel roof during the excavation 
of M120. It may reduce the roof pillar thickness and performance and cause abutment and 
sidewall instability, affecting the performance of passive lining during excavation of MB10 
ramp at crossover. To minimise overbreak, the M120 tunnel advance was reduced to 2 m, and 
6m long spile bars at 0.3m spacing were proposed as a pre-support to provide additional con- 
finement supporting the roof ahead of the tunnel face. Further, to improve the load transfer 
from passive lining to rock mass in the abutment, permanent 3.8 m long CT bolts at 1m longi- 
tudinal spacing were proposed. These permanent rock bolts provide additional shear resist- 
ance between the passive lining and rock interface in the Dyke affected area (Figure 7). 

Similarly, longer pattern permanent CT bolts were proposed to stitch the Dyke when it 
encountered in the side wall/abutment with a 150 mm thick fiber reinforced shotcrete to be 
applied to provide confinement around abutment (Figure 7). 
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3.4 Construction sequence 


To simplify the ground support function and its impact on the installed ground support for 
the M120 tunnel, the following constraints were imposed on the construction of the M1B0 
ramp at crossover: 


e Before excavation of the M1BO ramp, the M120 tunnel should be excavated, ground sup- 
port installed with a minimum of 30 MPa compressive strength achieved. 

e Construction load limit to 300 kPa 

e Limit to over-excavation of tunnel invert 

e Limit to vibration (maximum peak particle velocity of 10mm/s) 


Having placed these constraints, the need to install full ground support near the excavation 
face of the M120 tunnel was removed to enhance production rates. The sequence was modi- 
fied to install only partial support with one layer of steel mesh embedded in100 mm thick per- 
manent shotcrete with GFRP bolts to provide early-age support. The remaining 200 mm thick 
of permanent shotcrete with the other three layers of steel mesh were gradually installed at 
later stages to accommodate the flexibility of the construction program. A 3.5 m advance 
length was predominantly used except within dyke affected zones where the advance length 
was reduced to 2 m to control overbreak. 


4 GROUND SUPPORT PERFORMANCE AND VALIDATION 


Several in-tunnel monitoring arrays were installed to monitor induced ground movement in the 
M120 tunnel. Figure 8a shows the continuation of ground movements measured from the in- 
tunnel optical targets at a critical location in the tunnel crossover. These optical targets initially 
measured ground movements due to excavation of the M120 tunnel, and subsequeny readings 
captured the induced ground movements from the excavation of MB10 on the passive lining of 
M120. The maximum measured displacements from the optical targets on the passive lining were 
then compared with the predicted induced displacements (Figure 8b). The result shows that the 
measuredand predicted induced displacements are relatively consistent at the critical section in the 
crossover which validates the performance of passive support system of M120 tunnel at crossover. 
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Figure 8. (a) In-tunnel monitoring data and (b) comparison between measured and predicted final 
dis-placement on the M120 passive lining at a critical section in the crossover. 


5 EMBODIED CARBON SAVINGS 


It is estimated that 60% to 80% of embodied carbon on major tunnelling projects is contained 
in the concrete linings providing ground support for tunnels and shafts. The main drive for 
such a high percentage is based on the fact that the majority of concrete is made of ordinary 
Portland cement, and the cement industry contributes to roughly 8% of global carbon emis- 
sions. As a result, a simple comparison of the carbon footprint improvement obtained with 
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the design change in the M120 tunnels can be made by looking only at the reduction in the 
carbon footprint of concrete and reinforcement of the two solutions. 

Any cement replacement adopted in the two concrete mixes will be ignored for this cal- 
culation, with a standard embodied carbon factor of 0.17 kgCOze/kg adopted, assuming 
a concrete grade C50 for all cases. A standard embodied carbon factor of 0.91 kgCO2e/kg for 
the reinforcing steel is adopted. The solution using a concrete bridging slab consisted of 
approximately 5,590 tons of concrete and 669 tons of reinforcing steel, resulting in a total of 
about 1,600 tons of embodied CO». In contrast, the passive lining with permanent sprayed 
concrete had approximately 1,161 tons of concrete and 63 tons of reinforcing steel, including 
fibres, resulting in a total of about 255 tons of embodied CO. Therefore, the final solution 
had only approximately 16% of the embodied carbon. It noted that this simple comparison 
does not include measurements of embodied carbon over the entire life of the structure and 
also cannot be replicated across the entire concrete lining of the tunnel. 


6 CONCLUSION 


This paper presented the example of the tunnel crossover in the M4-M5 link WestConnex Pro- 
ject to demonstrate that understanding the ground behaviour and possible failure mechanisms 
is vital to optimising design. With such an understanding, the design can achieve lower carbon 
ground support in tunnelling. In-Tunnel monitoring data validated that the proposed ground 
support performance was as predicted during the design stage. The proposed robust passive 
support comprising permanent sprayed fibre-reinforced concrete/shotcrete lining and steel 
meshes reduced the embodied carbon footprint by some 84% from the initially proposed cast- 
in-place bridging structure. 
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ABSTRACT: Whether imposed by owners or proposed by contractors, monitoring correctly 
the environmental impact of construction works is an increasing concern. This requires a system 
capable to guaranty the detailed traceability of all waste materials from extraction to final des- 
tination, including storage, transformations and reuse, which becomes complicate when trying 
to collect and synchronize data from distinct systems and stakeholders. Construction in France 
provides an interesting case study in this respect. In 2017, Grand Paris Express imposed 
a digital tool to track all movements of soils from its projects. In 2022, the country imposed the 
same for all hazardous waste, and in 2023 for all construction waste, forcing the industry to 
adapt. Since 2018, Altaroad developed systems to help meeting these requirements. The paper 
summarizes how to successfully implement such system to the benefit of all partners. 


1 INTRODUCTION 


France has known rapid changes in its regulatory framework regarding construction waste 
over the last 5 years (Diemer et al, 2022): 


¢ The implementation of the first digital traceability software, called T-Rex (Société du 
Grand Paris, 2018) imposed on contractors for all the sites of the Grand Paris Express 
(45 000 000 m3 of excavated soils in total) 

¢ The implementation in 2022 of a mandatory national software for monitoring hazardous 
waste (FNTP, 2021) 

¢ The implementation of a mandatory National Register of Construction Waste, Excavated 
Soils and Sediments from January 2023 (Ministère de la transition écologique, 2021) 

e The launch of eco-organizations and application of an ecotax in 2023 for the building 
sector. (Ministère de la transition écologique, 2022) 


These regulatory changes respond to European directives and are set to gradually become 
widespread among EU countries (European Agency Publication, 2021; Luciano et al, 2022). 

In this moving context, Altaroad is an innovative company which specialized in digitizing 
and simplifying the traceability of construction waste thanks to IoT solutions and to data ana- 
lysis using Artificial Intelligence methods (Lebental et al., 2014; Barriera et al. 2020). The com- 
pany was awarded by the European Innovation Council (EIC), green deal category, in 2020 
and is sponsored by the European Union. 

Its position at the service of all the actors in the chain during this period of regulatory 
changes, has made it possible to observe good practices and to develop simple solutions to 
address the difficulties faced, either for earthworks, deconstruction and remediation works or 
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for major tunneling projects such as Grand Paris Express (France). Similarly, being able to 
work in parallel with construction sites, recycling platforms, and outlets has made it possible 
to look at distinct contexts of activities faced with such changes. 

This article illustrates with the help of two examples the conditions for a proper implemen- 
tation of a traceability approach and shows that traceability in real-time can become a tool 
for the owners to monitor their project as well as for the contractors to improve their environ- 
mental performance and to reduce their costs. 


2 THE EXPECTATIONS OF CONSTRUCTION STAKEHOLDERS 


2.1 The expectations of project owners 


Increasingly, project owners are considered to be the actual producers of construction waste 
and, as such, responsible for its accurate traceability. This is the case in France since the appli- 
cation of the Extended Producer Responsibility (Diemer et al, 2022), effective from Jan- 
uary 2023 for the building sector. 

Waste management by the project owner is hence expected to meet the following requirements: 


* To be compliant and to have the necessary visibility to assume one’s responsibility. 

e To guaranty that the quantities invoiced match the quantities processed. 

e To reduce the environmental risks and the environmental footprint of the activities con- 
ducted under their responsibility. 

e To permit to demonstrate at any time the good progress of the work done, and the excel- 
lence of the traceability process in place. 


And for this, it is important for the project owner: 


e To have a simple digital tool providing a view of all material flows during the construction 
period and enabling a multi-stakeholder governance 

e To reduce the administrative burden related to traceability despite the large amount of 
information to be processed in parallel, over the duration of the site(s) 

e To facilitate the integration of construction wastes into the appropriate recycling processes. 


2.2 The expectations of the contractors 


The major request for contractors is to make sure that they are compliant with legal and con- 
tractual requirements in terms of traceability and safety, namely: 


e To enable an end-to-end traceability of construction waste over the duration of the works 

e To have a real-time visibility of all material flows for which they are co-responsible with the 
project owner, with possibility to implement corrective actions quickly enough whenever 
necessary. 

* To automate processes and to avoid input errors 

e To have a digital, intuitive and scalable tool helping to simplify the work in the field with- 
out needing specific training, and to avoid multiple entries of the same information. 

e To have a common language and tool when dealing with several sites and several partners. 


3 COMMON CHALLENGES AND ALTAROAD SOLUTION TO AN END-TO-END 
TRACEABILITY APPROACH 


3.1 Common challenges 


While these elements support the need for an end-to-end traceability approach, there are various 
challenges. A first difficulty is that any solution must be adopted and applied correctly by all 
levels of the stakeholder chain. This solution also needs to be universal enough to cover all use 
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cases and this, for all types of stakeholders and all types of sites encountered. Moreover, one 
should be able to follow any single batch of material even when it is undergoing successive stages 
of storage and transformation by distinct players, each having its own data management system. 
Last, the solution has to be resilient to absorb massive numbers of simultaneous operations with- 
out risk of disruption during peaks of activity. 

To meet these challenges, Altaroad’s solutions are based upon the following concepts: 


e A platform developed in the cloud to collect and manage the information in real time and 
to build up rapid connections between regulatory tools (governmental, others) and existing 
tools used by the contractors. 

e With dedicated interfaces per profile of user to enter and consult in real time the informa- 
tion of the site, with possibility to receive alerts and implement corrective actions. 

e With easy connection to existing tools (ex: weighbridge, GPS systems, others) to collect 
automatically the data, and/or, depending on situations, to dedicated sensors using IoT 
techniques and A.I. methodologies (weigh-in-motion systems, plate recognition cameras, 
OCR and text recognition, others) to automatize the collection and treatment of the data. 

e With possibility to enter additional information (chemical analyses, documents, pictures, 
etc.), either manually or automatically, and to connect to databases to permit to produce 
environmental dashboards such as CO2 impact and recycling rates. 


3.2 Factors of success based on the Altaroad experience 


The need to be compliant is pregnant for operators, but traceability is rarely looked at as 
a management tool nor a possible source of operational savings, and the processes are often 
still manual and time consuming in practice. For this to change, it is important that the data 
can be collected and processed in real time, from the extraction to the final destination, allow- 
ing to send relevant alerts and updates to each person concerned, depending on its role, on 
site or remote with responsibilities on multiple sites. 

In this respect, the interfaces developed by Altaroad are designed to be intuitive, simple, 
and easy to use, ensuring a good adoption from site operators to project managers, without 
human resources dedicated nor heavy training effort. 

Last, the potential for scalability with limited economical impact is an other important suc- 
cess factor. For many reasons, building internal new solutions often leads companies to long 
and costly developments and/or to solutions which are complicate to adapt to new contexts. 
In particular, flexibility is rarely the primary criterion of the specifications. Being an independ- 
ent player servicing distinct companies helps designing solutions conceived to be evolutive 
from the beginning, with a high level of reactivity and reduced financial impact for each user. 


4 CONSTRUCTION SITES OF TUNNELING LINE 18 LOT 1, PARIS GRAND 
EXPRESS 


4.1 The context 


Line 18 is part of the Grand Paris Express transport infrastructure extension project (France). 
The Lot 1 corresponds to a drilled tunnel of 11.8 km between Orly Airport and Massy- 
Palaiseau, with the creation of 3 underground stations and 13 ancillary works, generating 
a total amount of 1,200,000 m° of materials excavated (Nabonnand et al., 2021). 

The project owner is SGP (Société du Grand Paris), the Prime contractor is a consortium of 
Ingerop Group, Artelia, and Arcadis. The main contractor is a consortium of partners lead by Vinci 
Construction Grands Projets. Navarra TS (Vinci) is responsible for managing the excavated soils. 

The owner (SGP) requests a detailed traceability of all movements of excavated soils, in and 
out. A software (tool T_.REX) is imposed where to enter the information of each single truck 
or barge, from extraction to final outlet. The weight of the trucks is measured at the outlet. 
The weight measurement when leaving the site is not imposed in the specifications for Lot 1. 
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The contractor’s concern regarding this process was: 


e To make it as automatic and as simple as possible for the operators on a daily basis. 
e To prevent the risk of trucks leaving the site with overloads 
e To limit the transportation costs and the number of trucks on the roads, considering that 


underloading by It below the target increases by 4% the transportation cost and the 
number of trucks for a standard 5 axles truck. 
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Figure 1. Alignment of L18.1 tunneling line —- Reproduced from Société du Grand Paris, 2017. 


4.2 The solutions implemented 


All worksites are connected by Altaroad, permitting to enter the information into the owner’s 
software with one single validation click. An Altaroad weigh-in-motion system (TopTrack) 
was installed and coupled with a license plate recognition camera (CamTrack) on the con- 
struction sites with highest volume challenges. An alert system was set up to report in real 
time any weight deviation from the target. 


Figure 2. Weigh-in-motion system fixed on the driving path — Source Altaroad. 


4.3 The benefits observed by the contractor 


The solution is welcome by the contractor’s teams as very simple, with automatic data entries 
from the construction site to the final outlet. The dynamic weighing system and the camera 
are installed and desinstalled in no more than few hours on the driving path. 
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Figure 3. Altaroad applications accessible on site with a laptop, touch tablet or equivalent device — 
Source Altaroad. 


The benefits as seen by the contractor are: 


* The transport costs and number of trucks on the roads are reduced in line with the target 

° Significant time and HR savings are achieved to enter and process the data. It also permits 
to avoid errors and to save time afterwards when controlling the data. 

°- The detailed information collected automatically for each material transported from end to 
end with the characteristics of each truck and the rates of reuse permits to monitor the asso- 
ciated CO2 footprint (scope 3) and to estimate the impact of actions for improvements. 

e The automatic dashboards permit to check and document easily the progresses in real-time 


The results confirmed the interest to use the solution for the contractor. It is currently 
evolving on several other sites. 


5 THE CONSTRUCTION OF TRAMWAY T10, PARIS AREA 


5.1 The context 


In this project, the owner committed to circular economy, to ensuring proper traceability of 
all waste materials, and to reducing the project environmental footprint. “To achieve this, it 
was necessary to have a detailed knowledge of the volume of waste produced on our sites, to 
know which exact percentage of material is contaminated, which can be recycled, and which 
goes to landfill” - Project Manager - Hauts de Seine Regional Authority Mobilities Depart- 
ment (Altaroad, 2021). 

The contractor (Coteg, Fayat Group) proposed a circular economy-based solution claiming 
that it was possible to recycle up to 95% of the soil extracted. “ It was important to be able to 
measure the real impact of the solution proposed, and to be able to measure it, we needed full 
traceability. To ensure this traceability, we needed a tool. This is how we decided to contact 
Altaroad” - Coteg, General Manager (Altaroad, 2021). 


5.2 The traceability solution 


The solution implemented by Altaroad consisted of a digital platform, a camera that identifies 
the truck and a weigh-in-motion system. For each truck entering or leaving the site, the 
system recorded automatically the tare weights, the loaded weight, the type and the origin of 
the waste and edited the relevant delivery notes. The information was processed and available 
in real time. 


5.3 The results as observed by the contractor 


“We were looking for a solution that would be simple, relevant and economical. Historically, 
traceability was done from the construction site with a waste delivery paper given to the truck 
driver, who himself gave it to processing platform or the final outlet. The Altaroad solution 
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Figure 4. Altaroad system installed on the site of Tramway T10 (source: Altaroad). 


greatly simplifies this operation: the information is entered from the tablet or computer of the 
operator, transmitted on the smartphone of the driver who transmits it to the recipient site, allow- 
ing a complete, reliable and efficient traceability of the entire production chain” — Coteg, General 
Manager (Altaroad, 2021). 

The first benefits observed are for employees: 


¢ Simplify the task and minimize the risk of input errors: “with about 50 revolutions/day, it 
would have taken more than 90 min per day to enter properly all the information. This 
information is now instantly available on the interface.” 

e Promote continuous monitoring, permitting to monitor the performance on real time 

e Automatic feeding of the data into the governmental Register after a simple validation. 

* No more time wasted to collect and check vouchers afterwards. 


ay 


Figure 5. a,b. Real-time interface to visualize the materials sent and Summary dashboard — source: 
Altaroad. 
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An additional interest is the gain in competitiveness from an overall point of view: 


e Higher credibility with indicators of regular progress to the circular economy approach 

e HR savings as process automation frees up to 2 people who can be assigned to other tasks 

e Fuel savings thanks to the improved control of the trucks and real-time monitoring of the 
truck weights. 
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5.4 The results observed by the project owner 


The project owner claims that he benefits from having an on-line access to reliable and clear 
reports, permitting to monitor the project with accurate information on waste recovery and 
permitting to validate with a good level of confidence that it is in line with the expectations. 

This first feedback being very positive in terms of flexibility of use and intuitiveness, the 
Hauts de Seine Authorities works on extending the approach to automatic and digitized moni- 
toring of other sites, in compliance with the new Governmental Register for construction 
wastes (mandatory in January 2023) and other upcoming regulatory evolutions. 

Additionally, in the subsequent sites, the digitized monitoring of the carbon footprint will 
be proposed on each site, with the following benefits: automate and simplify the climate com- 
mitment of construction companies, measuring their carbon impact (scope 3) in real time 
based on relevant and reliable data. 


Carbon Footprint- past month ` asuu 


enna whe VAN 


GLOBAL INFORMATIONS 


1737 Trucks 48.8KT Transported 216000KM Oriven 
CO2 equivatent emmasions KEY FIGURES ALTERNATIVES 
2 Average 
439.67 corms 28.27 pew 1.7%, coat 
CN TRIBUTION OF CO? EMIBSIONS co 1 13.3% With improved 
9.0kg are 211.aTCOs) AAG #27 
9% EN With cl 
6T 14.0% destination 
si 17.6T coz per any psastcoe) (ree 
224 k 47.0% With better 
447.4100) *** 
© Arne 
© hangar O With 259 
9.1% | senses 


Figure 6. Carbon footprint, scope 3 — example of monitoring dashboard — source: Altaroad. 


6 CONCLUSION 


Altaroad’s experience of setting up an end-to-end solution for traceability of construction 
waste and follow-up of the carbon footprint, first for Grand Paris Express project and then to 
diversified sites over the last 5 years has highlighted the importance of field solutions which 
are not only compliant with regulatory traceability requirements but also adapted to the needs 
and expectations of contractors and of project owners. 

In this respect, the solutions need to be 


e Focused on simplifying the work of field operators and users 

« Able to process the information in real time to allow continuous monitoring of the site, this 
even during peaks of activity 

* Universal and flexible to adapt to various types of works (infrastructure, building, demoli- 
tion, other) and to the needs of distinct to the needs of distinct stakeholders (owners, pro- 
ject management, civil engineering, earthworks, carriers, recycling platforms, outlets) 

e Evolutive to accommodate to possible changes in regulation and requirements 

* Scalable to provide a muti-sites and multi-actors visibility. 
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The solutions implemented are designed to meet these requirements. Two examples of feed- 
back obtained thanks to the Altaroad’s digital platform and systems installed confirmed the 
interest and illustrate the benefits observed by both contractors and project owners. 

The examples show that, when designed to meet the above requirements, traceability 
becomes, for both contractors and owners a precious tool for reaching and improving the per- 
formance in terms of management of construction waste, and permits to document automatic- 
ally and in real-time the rates of reuse, the associated carbon footprint, and the evidence of 
the figures produced. 
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ABSTRACT: The central portion of the 9km long M8 tunnel in Sydney, Australia, was devel- 
oped under the existing Cooks River and a deep palaeochannel filled with Tertiary and Quater- 
nary sand and clay sediments. The palaeochannel was an artifice of regional scale faulting in the 
underlying Hawkesbury Sandstone bedrock. Grouting from the surface aimed to reduce water 
inflows into the tunnels during construction. A primary grid of three parallel rows of boreholes 
spaced 20 m apart were drilled covering a 1300 m long section of the alignment were drilled via 
percussion methods. Secondary, angled holes were drilled to target specific water bearing features 
for pre-grouting. Each hole was logged using an acoustic televiewer probe with the interpretation 
of defects completed using Wellcad™. The holes were interpreted geotechnically, focused on 
open defects, using defect codes commensurate with tradition logging and the Australian Standard 
at the time. The key parameters logged were defect aperture and void observations. Defects with 
>100 mm aperture became the focus for modelling and targeting with secondary grouting holes. 
Regional faulting was expressed as sub-vertical joints, which formed only part of the overall 
deformation picture at the site. Detailed Design Phase site investigation also suggested accommo- 
dation structures in the form of sub-horizontal to shallow dipping bedding plane shears would be 
prevalent. The televiewer logging confirmed this. Structures were correlated between the boreholes 
using Vulcan™ as the modelling software. The modelling resulted in significant refinement to the 
predicted intersection of sub-vertical structures related to the regional fault zone as well as defin- 
ing 13 individual bedding shear planes that would intersect the tunnel alignment. Subsequent exca- 
vation and mapping confirmed the models high accuracy. 


1 INTRODUCTION 


The M8 is part of Sydney’s WestConnex road tunnel network, comprising twin road tunnels con- 
necting the M5 South-West to extensions of the M4 and M8 to the north. On and off ramps also 
connect the M8 to the surface at St Peters, linking to the Sydney Gateway development (under- 
construction), improving traffic and freight movement around the Sydney Airport and Botany 
Freight Terminal, Figure 1. The tunnels were opened to drivers in July 2020. The mainline tunnels 
are 9 km in length with the central portion passing under the Cooks River at Arncliffe. Parts of 
the river were repositioned during construction of Sydney Airport such that the current topog- 
raphy and geomorphology is substantially different to the palaeotopography defined by the bed- 
rock. For further complexity, the Arncliffe portion of the project also included shafts and access 
tunnels to assist with construction as well as the stub tunnels for the future M6. 

The Cooks River palaeochannel contains some 40 m thickness of sand and clay sediments 
overlying Hawkesbury Sandstone bedrock (Baxter-Crawford, 2021). The palaeochannel aligns 
with a regional fault zone comprising sub-vertical, closely spaced jointing and shallow dipping 
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bedding shear accommodation structures. These features provide hydraulic connectivity 
between the saturated sediments and the bedrock tunnel excavation. 

The project requirements included a low-inflow-criteria to be measured at completion of 
construction. As such, a pre-excavation grouting program for the Arncliffe section was devel- 
oped, covering 1300 m length where the two tunnels crossed the Cooks River. Grouting was 
undertaken from the surface where possible, given the construction site directly overlies the 
area of interest, enabling in-tunnel grouting to be minimised (Yim et al, 2017). Grouting was 
planned to target joints, shears and any other faulting related voids in the bedrock. A three- 
phase drilling program was designed with the grout-holes to be drilled by percussion methods 
and logged with a televiewer probe to facilitate targeted grouting of unfavourable features. 

This paper discusses the processes involved in the data collection, the 3D modelling that 
eventuated from the assessment and the coincidental benefits gained by the project by com- 
pleting the grouting program. 


To Campbell Road 
and Euston Road 
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To Gardeners Road 


MS East tunnel 6 ee 
entry and exit 


—— 
M5 East tunnel 
entry and exit 


Figure 1. Map of the WestConnex Road Infrastructure System (modified from https://www.westcon 
nex.com.au/ after Baxter-Crawford, 2021). 


2 BACKGROUND GEOLOGY 


The Arncliffe portion of the M8 is located within Hawkesbury Sandstone bedrock, overlain 
by saturated, permeable Quaternary and Holocene sediments of the Botany Basin. The Haw- 
kesbury Sandstone is Permian in age and comprises a sequence of repeated facies of sheet 
(cross-bedded) sandstone, massive sandstone and thin shale/laminate beds. The thickness and 
distribution of each facies is related to fluvial deposition processes at the time, however at the 
tunnel scale most are sufficiently laterally continuous to form marker horizons useful in cor- 
relation between drilling holes. 

Overall, the sandstone is fine to coarse grained, quartzose and sub-horizontally bedded 
between | and 3 m thick. Shale lenses can range from a few centimetres to around 1 m thick. 
At the depth of excavation, the sandstone bedrock was fresh and mostly high strength, com- 
mensurate with Sandstone Class I/II of the Pells sandstone classification scheme (Pells, 
Mostyn, & Walker, 1988) (noting this project predated the 2018 update to Pells work and the 
scheme was slightly modified to suit tunnel mapping rather than foundation logging). 

The bedrock is incised by a deep palaeochannel with little to no preserved residual or wea- 
thered bedrock, suggestive of deep scouring and rapid deposition. Modelling and sub-sequent 
excavation mapping indicate the palaeochannel developed along a regional NNE trending fault 
with shallow to moderately dipping accommodation structures prevalent. This suggests that the 
width of the defomation zone associated with fault movement may vary depending on local ele- 
vation and stiffness variations such that “flower-structures” are formed. Figure 2 presents 


228 


a model based on mapping of the Cross City Tunnel developed to demonstrate the larger scale 
character indicated by the flower arrangement. Figure 3 presents a long section through the 
Arncliffe portion of the project. 
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Figure 2. Major fault zone/joint swarm mapped in the Cross City Tunnel, similar to expected character of 
faulting at Arncliffe. Credit to Trevor Carter (M8 project geological specialist) for development of this figure. 
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Figure 3. Geological long section through Arncliffe. Boreholes not shown for clarity. 1H:2V exagger- 
ation. Not to scale. 


3 GROUTING 


The aim of surface grouting was to grout the open, highly transmissive features, reducing the 
hydraulic conductivity around the tunnel area in order to reduce the in-tunnel pre-grouting 
required. Surface grouting targeted a larger zone, 25 m above the crown level (about 40 mbgl) 
to about 10 m below the invert level. An initial round of primary holes was placed on a - 
20 m grid, secondary holes were then spaced centrally between primary holes and tertiary 
holes spaced between the secondary holes to result in a final spacing of 10 m. Secondary and 
tertiary holes were only drilled if there was appreciable intakes in the respective primary and 
secondary stages. Grout mixes used HES cement for holes with large takes, with ultrafine 
cement used in low-take stages in order to maximise penetration of grout. 


4 METHOLOGY 


Surface grout-drilling for Arncliffe was completed in three phases: 


1. Primary Series — boreholes are indicated by prefix ASG-P with over 100 vertical boreholes 
drilled at 20x20 m grid spacing over a 1300 m long section of the tunnel as three tunnel- 
parallel rows. All holes were televiewered and included in the modelling. 
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2. Secondary Series - prefix ASG-S with 33 angled holes drilled to specifically target features 
observed in the primary drilling set and to infill gaps in the model. Holes also passed under 
the existing river channel. All holes were televiewered and included in the modelling. 

3. Tertiary Series — prefix ASG-T. Final round of holes to assist with grouting of areas still 
indicating high-moderate grout intakes after the secondary round. These holes were not 
logged with televiewer or included in the modelling. 


Additionally, five geotechnical boreholes had been drilled and televiewer logged during 
design phase site investigation (SI) that were included in the model. The televiewer interpret- 
ation was completed using WellcadTM. Examples of shears observed in the televiewer logs are 
presented in Figure 4. 


E] LOS-BH-1049 RevB_Grout WCL x 


ABi40 Amplitude-NM 
90° 180° 270° 0° 


Figure 4. Comparison of structure character in ATV (Abi40 Amplitude-NM) and OTV (Obi40 
Image-NM) for infilled structure (left, LDS-BH-1049) and open to partially infilled structure (right, 
LDS-BH-1053). 


The televiewer data was used measure the position, orientation, condition and where applic- 
able the aperture of, the soil-rock interface, specific known marker beds to assist with model- 
scale fault block validation and shear or other displacement features with apparent aperture 
measured from the televiewer log. This could then be converted to true aperture thickness for 
modelling. The aperture refers to the openness of a defect or where infilled, the thickness of 
a shear structure between the bounding surfaces. 

The ATV (and OTV) logging was undertaken using terminology commensurate with geo- 
technical core-logging (as per the standards at the time) and terminology reflective of the 
common literature nomenclature used for describing Sydney’s fault systems. 

It was quickly recognised the sheer quantity of data collected would require some method 
of filtering for critical features — some 718 shears were logged with aperture > 50mm. 
A review of the optical televiewer SI results suggested features with aperture >100 mm may be 
significant and those with aperture >200 mm were significant and correlatable. 

Figure 5 demonstrates how filtering for wider defect aperture assists modelling by removing 
potentially superfluous data. 


5 MODEL COMPILATION AND GROUT INJECTION VOLUMES 


Using the thickness-filtered data set, sub-horizontal to shallow dipping shear features were 
correlated within the Arncliffe area to be targeted for grouting. 3D meshes of the surfaces 


230 


QL 


B - structures with aperture >100mm Sem Merrett tym er} 


——— ore sinietetert 
PETE Ema OED Pee el 


1 a a eee: 


=i 


100.L 


ol 
A — all structures with aperture 


Figure 5. Comparison of structure aperture at Arncliffe. By filtering for wide aperture features, key 
structures become more apparent. 


were generated in Vulcan’. The subsequent model indicated the Arncliffe Fault Zone and 
palaeochannel is a coalescence of four types of structural features associated with strike slip 
faulting comprising joint swarms and sheared zones. 


5.1 Regional scale joint swarming of the Arncliffe Fault Zone 


Supporting the design phase geotechnical model and interpretation of a major sub-vertical 
NNE trending fault being associated with the palaeochannel alignment (the Arncliffe Fault 
Zone), a number of closely associated grout holes presented sub-vertically jointed sandstone. 
The structure form interpreted from the televiewer images (planar, closely spaced joints with 
minimal infill or aperture) suggested the majority of the fault zone could be geotechnically 
considered a joint swarm. The width of the joint swarm as indicated by the grout hole pro- 
gram was 35 m (true width), which equated to about 60 m of tunnel chainage due to the strike 
of the joints relative to the tunnel alignment. The joint swarm consisted of sets of steeply dip- 
ping joints spaced 0.1 to 0.3 m. Each set had a true width of 1-3 m, separated by 2-4 m of less 
jointed sandstone. The data indicated that while the dominant sub-vertical feature was joint- 
ing, some sub-vertical sheared features were also present, these spaced at 2-5 m apart, with 
thicknesses less than 100 mm and dip shallower (5°-10°) than the corresponding joints. Add- 
itionally, the sheared zones typically contained sheared rock fragments. The overall orienta- 
tion of the joint swarm/fault zone was 65/285° (TN). Due to the grout hole orientations 
relative to the joints, these features often resulted in low grout injection volumes. 


5.2 Ramping bedding shears (oriented partly along bedding and partly ramping between bedding) 


Ramping bedding shears appear to be related to the formation of a contractional duplex in 
the Arncliffe joint swarm, as presented in the illustrative model in Figure 6. Two structures 
particularly continuous features were modelled, forming approximately parallel to one- 
another and coalescing along larger sheared beds, with a third modelled slightly further north. 
These were interpreted to be part of the overall regional deformation system though may have 
been reactivated or exacerbated by the rapid erosion and uplift of the palaeochannel. Moder- 
ate to high grout intakes were associated with these structures and they exhibited the thickest 
and most consistent defect apertures of all features modelled. 
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Figure 6. Illustrative structural scenario for the regional Arncliffe joint swarm complex and associated 
ramp bedding shears. 


5.3 Low to moderate persistence sub-horizontal shear structures directly related to shearing 
along bedding off the regional strike-slip joint swarms 


Low to moderate persistence sub-horizontal shear structures appear directly related to shear- 
ing along bedding off the regional strike-slip joint swarms. These features could be correlated 
to extend for about 50 m maximum from the sub-vertical joint swarms and were considered 
likely to be related to movement along weak bedding horizons to accommodate the deform- 
ation associated with the joint swarm. The aperture assessment indicated these shears are 
narrow features, with typically less than 100 mm of crushed material and shear deformation, 
and most often associated with weaker horizons in the Hawkesbury stratum such as narrow 
shale bands. The grout injection volumes do not appear to significantly increase due to their 
presence, supporting the conclusion of their narrow nature. 


5.4 Valley bulge related sub-horizontal shears 


Valley bulge related sub-horizontal shears would have formed by the rapid erosion of the 
palaeochannel and associated stress relief in the palaeochannel walls or stress concentration 
effects below the palaeochannel. The grouting holes indicated these features presented as 
wide, laterally continuous zones of sub-horizontal shearing. They comprised sheared zones 
a few metres thick with less sheared rock in between. Individual shears within a zone were 
typically 100 to 200 mm wide. They were located along bedding planes where there was 
a relative difference in strength properties between adjacent beds. Grout injection volumes 
indicated higher quantities of grout are injected where these were encountered. 


6 EXCAVATED RESULTS 


6.1 Inferred rock mass conditions 


At the conclusion of the modelling, it was evident that the most pronounced shearing develop- 
ment occurred south of the present Cooks River, aligning with the palaeochannel, Figure 7. The 
zone of deformation associated with the Arncliffe Fault Zone was better understood enabling 
refinement to the proposed support criteria for that whole section of tunnel. 

Conditions below the actual modern-day, man-repositioned river were better than previ- 
ously expected with defects typically exhibiting less than 20 mm aperture, being more discon- 
tinuous and more widely spaced with resultant lower total defect count. 

Overall, the ground conditions were expected to be and were blocky. 

Figure 8 and Figure 9 present photographic examples of structures encountered in the exca- 
vation, comparing well with the expected character based on the grout hole interpretations. 
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Figure 7. Modelled deformation zones relative to present Cooks River and Arncliffe palaeochannel and 


mapped results showing good comparison. Not to scale. 


Figure 8. Example of bedding shear in the excavation, with shale lens in crown. 
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Figure 9. Examples of shear zones and joint swarms in the excavation. 
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7 CONCLUSIONS 


The use of televiewer to model sheared features that could be targeted for grout injection 
worked very well in both assisting the grouting program and improving the model for support 
design and predictions of conditions ahead of excavation. The knowledge of fault systems in 
Sydney allowed the team to filter the data for improved success. 
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ABSTRACT: Discrete fracture network (DFN) models allow discontinuity data to be sto- 
chastically quantified and used to represent a jointed and faulted rock mass, providing 
a means to assess potential failure modes for a planned tunnel and the corresponding excava- 
tion methods and support design. Required inputs are generally obtained from borehole data 
to obtain representative values at the tunnel depth, but with limited opportunities for ground 
truthing and validation. Results are presented from a validation exercise comparing DFN 
results from discontinuity data sampled across two different spatial scales, first from a deep 
geotechnical borehole followed by a co-located deep shaft. The results indicate that both 
under- and over-sampling of different discontinuity sets occurs due to orientation bias and 
trace visibility. The corrections and workflow developed demonstrate the utility of continuous 
data collection and updating of DFN analyses as projects transition from investigation and 
design to construction. 


1 INTRODUCTION 


The investigation and geotechnical characterization of geological discontinuities is a critical 
step towards the design of rock tunnels and other underground excavations. Discontinuities in 
the context of rock engineering are defined as any mechanical defect in a rock mass having 
low shear strength, negligible tensile strength and high fluid conductivity compared with the 
surrounding intact rock (Priest, 1993). (Note that the term “fracture” is used interchangeably 
to parallel the use of Discrete Fracture Networks). These can span different scales, from joints 
with trace lengths of centimeters to meters, to faults with trace lengths of hundreds to thou- 
sands of meters. Joints are generally mapped through surface exposures or in boreholes and 
are numerous enough to be treated as a population, statistically speaking. Faults are usually 
regional features that are mappable on surface, enabling early identification and deterministic 
treatment in the project design. 

In between are intermediate discontinuities, for example fault splays, bedding planes and 
lithological contacts, with lengths from 10 to 100 m. The challenge these pose is that they are 
large enough to create significant hazards for tunnel construction, similar to faults, but unlike 
faults, are not easily detected with surface mapping and are numerous enough that they 
cannot be treated as individual structures. In terms of tunneling hazards, discontinuities with 
lengths as little as 50 m can cause fault slip rock bursts in high stress environments (Martel & 
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Pollard, 1989; Munier, 2006, 2010). However, during site investigations for tunnel design: 1) 
the investigation/mapping windows are not at a scale to fully characterize these discontinuities 
in terms of their persistence, and 2) the discontinuity itself, is not large enough to be observed 
regionally as a surface trace fault. This difficulty was demonstrated in the geological investiga- 
tions for Sweden’s siting of a deep nuclear waste repository where a gap in data for intermedi- 
ate discontinuity sizes was observed (Darcel et al., 2009). The data collected during the 
investigation process provided information on discontinuities with trace lengths of 0.5 to 
10 m, lineaments between 100 and 1000 m, and faults greater than 1000 m, but there was 
a data gap for discontinuities with a trace length between 10 and 100 m (Figure 1). 
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Figure 1. Discontinuity size distributions for all available datasets across different scales of observation 
for the Laxemar and Forsmark study sites. After Darcel et al. (2009). Note the data gap for 
intermediate-sized discontinuities between 10 and 100 m. 


For deep tunneling projects, representative discontinuity data is often limited to borehole 
sampling. When restricted to borehole data, significant effort is expended on obtaining 
oriented core and/or televiewer logs to derive critical information regarding the presence of 
major faults and spatial attributes of the joint network including orientation, spacing (inten- 
sity) and size (persistence). The evaluation of the discontinuity orientation is relatively easy, 
intensity is possible with sufficient effort, but the discontinuity size is not possible given the 
small “observation window” of a borehole. A stochastic solution to address such limitations 
involves the use of Discrete Fracture Network (DFN) methods, which can be effectively used 
to extrapolate data between large-scale, regional structures and discontinuities identified from 
small-scale borehole investigations in order to aid in quantifying the intensity and persistence 
of intermediate discontinuities in the rock mass. 

The importance of a DFN analysis to the successful design of an underground excavation 
requires significant effort be placed on ensuring quality control over the discontinuity data col- 
lected and in carrying out the DFN modeling (Elmo et al., 2015). Opportunities for data valid- 
ation, however, are limited. This paper reports the results from a validation exercise comparing 
DFN results from discontinuity data sampled across different spatial scales. The goals of the 
study were to improve understanding and reduce uncertainty in the characterization and projec- 
tion of discontinuity networks, specifically with respect to fracture spacing and persistence within 
the rock mass. This work was undertaken using discontinuity data from a deep geotechnical 
borehole and a co-located large diameter shaft. The shared location of the borehole and shaft 
provided an opportunity to ground-truth DFN projections developed from conventional core 
logging and televiewer data. The improved understanding of the spacing and persistence of the 
discontinuities helped to provide guidance on the geotechnical characterization of discontinuities 
with respect to their geometrical attributes, as required and used for rock support design. 
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2 ANALYSIS AND DATA BACKGROUND 


2.1 Discrete fracture network modeling 


Discrete Fracture Network (DFN) modelling can be used to create a synthetic rock mass from 
geological observations and site investigation data collected for a planned tunnel, and the 
models can be updated as additional information is collected throughout the design and con- 
struction of the project. It is critical to understand the DFN model requirements, potential 
limitations and biases carried over from the sample collection method, and critical differences 
between the field discontinuity parameters and DFN input parameters (Elmo et al., 2015). 

The DFN modeling for this study was carried out using WSP-Golder’s FracMan'™ software. 
The basics of DFN modeling for geotechnical applications and tunnel design are described by 
Dershowitz & Einstein (1988), Rogers et al. (2015), Elmo et al. (2015), and Wang & Cai (2020). 
The primary input requirements to generate a DFN model include discontinuity spatial loca- 
tion, orientation, intensity, size (persistence) and termination. These are inputted as probability 
distribution functions. Their selection should be guided by the specifics of the discontinuity data 
collected. In the work presented here, the discontinuity spatial location for DFN generation 
used an Enhanced Baecher distribution, which uniformly locates the discontinuity centers in 
space using a Poisson process. The discontinuity orientation used a Fisher distribution, which is 
analogous to a normal (Gaussian) distribution on a sphere and assumes symmetrical variation 
of orientation around the mean poles of the discontinuities. This forces the variability in dip 
direction to be equal to the variability in dip. For discontinuity intensity, most field investiga- 
tions and many rock mass classifications characterize intensity as a linear fracture spacing; how- 
ever, DFN models can reference the intensity value as a linear, areal, or volumetric measure, 
referred to as P10, P21, and P32 respectively (Elmo et al., 2015; Rogers et al., 2015). P32 cannot 
be measured directly (Dershowitz & Herda, 1992; Priest, 1993; Rogers et al., 2015), but it can be 
calculated from P10 or P21 with simulation or analytical solutions (Rogers et al., 2015). 

As previously noted, the discontinuity size is an important parameter in DFN models but is 
often not available or is limited during site investigations. Discontinuity size distributions, col- 
lected with scanline surveys and window mapping methods, need to account for trace length 
truncation and censoring biases. Also, the DFN-required discontinuity size input value corres- 
ponds to the discontinuity radius, not necessarily the discontinuity trace length measured on 
rock exposures in the field or the apparent radius evaluated with processed images from 
photogrammetry data (Elmo et al., 2015). The discontinuity termination is often overlooked 
during field investigations, and therefore, not collected. Discontinuity termination data can 
provide hierarchal structure for the associated discontinuity sets and relates to fracture con- 
nectivity; which is useful in evaluation of both stability and permeability of the rock mass 
(Elmo et al., 2015). 


2.2 Data source 


Data for this study was provided by the Rio Tinto Centre for Underground Mine Construc- 
tion (RTC-UMC) and the Resolution Copper Company (RCC) from a proposed under- 
ground mine that would require extensive underground excavation and deep tunneling in its 
development. Two different data sets were provided: core logging and downhole televiewer 
data from a deep geotechnical borehole (RES-008/-008A) and photogrammetry data from 
a co-located 10 m diameter deep shaft (Shaft 10). The borehole data was processed to provide 
the orientation and depth of the discontinuities intersected. The shaft data was processed to 
provide orientation, trace length, and the location (in x, y, z coordinates) of the discontinuities 
encountered. 

The local geology involves a thick sequence of Cretaceous age volcaniclastic and siliciclastic 
rocks (Manske & Paul, 2002; Hehnke et al., 2012). The siliciclastic sequence includes thick 
bedded conglomerate and sandstone, and thinly bedded siltstone. The tectonic setting is 
located within the Basin and Range Province, an extensional regime dominated by steeply 
inclined, normal faulting. At the project site, the normal faults strike north to north-northeast, 
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dip steeply to the west, and show down displacement to the west (Hehnke et al., 2012). The 
down dropping of the graben block the borehole and shaft are located in resulted in a tilting 
of the rock units of 25° to the east-northeast (Manske & Paul, 2002). 

The volcaniclastic and siliciclastic rock unit (Kvs) analyzed was divided into five sub- 
domains based on the discontinuity orientations and intensities present in each (Figure 2, 
Table 1). For each sub-domain, the borehole location, gyro survey, and discontinuity data 
were imported into the FracMan'™ program. The borehole intervals were then “boot- 
strapped” to utilize the available borehole orientation data to generate fractures deterministic- 
ally rather than as a random distribution; the bootstrap method in FracMan™ determines 
the discontinuity orientation in a generated DFN through Monte Carlo values by multiple 
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Figure 2. Cumulative fracture intensity plot showing the sub-domaining of the Kvs rock unit being ana- 
lyzed and the corresponding contoured stereonet of the discontinuity poles. 


Table 1. Kvs sub-domain intervals and corresponding Po, spacing, and dominate discontinuity sets 
evaluated in FracMan™ with the Terzaghi corrected fracture count, dispersion value and reliability. 


Pio Spacing Reliability 
Sub-domain (m'!) (m) Dip/DipDir Count Dispersion (+ %) 
Kys; 1.48 0.68 69°/352° 57 18 15 
56°/266° 74 10 5 
42°/016° 149 3 10 
Kvs> 0.71 1.41 64°/358° 10 85 20 
61°/289° 43 13 10 
24°/088° 28 4 20 
Kvs3 1.87 0.53 66°/348° 163 9 7 
60°/266° 196 13 7 
24°/059° 288 4 10 
Kvsq 1.15 0.87 62°/052° 227 6 10 
45°/298° 229 3 10 
21°/141° 83 29 5 
Kyss 0.61 1.60 45°/175° 78 5 12. 
74°/273° 65 5 10 
61°/077° 45 8 15 
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random sampling from the orientation data. During this process, a Terzaghi correction factor 
was applied for orientation bias (Terzaghi, 1965), and a power law function was used to 
define the discontinuity size distribution. The power law function was derived from regional 
fault traces, as shown in Figure 3, and modified through an iterative process for each sub- 
domain interval until the P10 intensity values in the DFN model matched. 


3 BOREHOLE-SHAFT COMPARATIVE ANALYSIS 


Using the techniques and inputs described in the previous section, a DFN model calibrated to 
P10 was generated from the borehole data (Figure 3). Rock mass and discontinuity character- 
ization on deep tunneling projects often have to rely on borehole data alone (Kaiser et al., 
2015). This makes borehole data and the DFNs generated from the data, and confidence 
therein, extremely important. The close proximity of the geotechnical borehole to a deep shaft 
(approx. 20 m at surface) was used to ground truth the borehole-data-derived DFN model 
against the mapped shaft data. To facilitate this comparison, a simulated borehole and shaft 
were embedded in the DFN model and discontinuity traces intersected compiled and com- 
pared to the actual borehole/shaft data (Figure 3). 


f 


Figure 3. Methods used in the generation of the borehole-data-derived DFN model for subsequent 
comparison with the shaft data, showing the five sub-domain intervals of the Kvs unit imported into 
FracMan™ (distinguished by color) and use of a power law function estimated from regional faults for 
the borehole. 


Figure 4a compares the fracture intensity of the simulated borehole in the DFN model to the 


televiewer data for each sub-domain in the geotechnical borehole. As would be expected, the 
generated fracture network intensity correlates very closely with the observed intensity in the 


239 


borehole. Figure 4b shows a similar comparison but against the mapped shaft data. From the 
visual comparison, the model intensity correlates well with the observed intensity in the shaft. 
Perhaps also as expected, this agreement does not extend to discontinuity size distribution. 
The larger sample window of the shaft (10 m) provides greater information on observed trace 
lengths that is not possible with a borehole. The simulated trace length distribution based on the 
power law projection of the regional faults (Figure 3) was compared to the photogrammetry- 
mapped discontinuity trace length data from the shaft. This uses a full perimeter intersection 
criteria (FPI), after Munier (2010), which defines whether or not the discontinuity intersection 
with the shaft wall can be traced around its full perimeter. During a geotechnical investigation, 
the FPI does not quantify the full persistence of the discontinuity but will provide some indica- 
tion of whether the observed discontinuity is significant and a lower bound for the mapped per- 
sistence. Figure 5a compares the fracture frequency and cumulative distribution function for all 
of the Kvs data. Initial visual comparison indicates that the DFN model trace length distribu- 
tion does not appear to match well with the observed trace lengths in the shaft. The simulated 
shaft in the DFN model shows a large number of discontinuities with sizes greater than 30 m, 
giving an appearance of a bi-modal distribution; yet the size distribution used to generate the 
DEN was not bi-modal. Instead, this is an artefact of the trace length distribution of the subset 
of shallow dipping fractures relative to the FPI and shaft diameter. Artefact aside, the key is 
that the DFN representation captures the intermediary range of trace lengths between 10 and 
100 m. In contrast, the observed/mapped trace length distribution in the shaft indicates that 
99 percent of the discontinuities have a fracture trace length of 10 m or less. This suggests an 
undersampling of the intermediate sized discontinuities in the photogrammetry data. 
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Figure 4. Comparison of cumulative fracture intensity sampled from an equivalent borehole/shaft in 
the DFN model generated from the borehole data, and that measured: a) by televiewer in the borehole, 
and b) by photogrammetry in the shaft. 


Exploring this undersampling in the shaft data further, Figure 5b presents the distributions 
if filtered to only consider the subset of discontinuities dipping at 20° or less. The same results 
can be seen where the influence of trace lengths of 30 m or greater is evident for the DFN 
model and not present in the shaft data. Figure 5c filters the data differently, restricting the 
trace lengths extracted from the simulated shaft in the DFN model to only those that would 
be visible and mapped according to the 3 m lift heights used in the shaft construction. 
Figure 5d shows the same plot but for discontinuity trace lengths less than 7 m, the maximum 
mapped in the shaft. The results show that the DFN model and mapped shaft data achieve 
much better agreement for the subset of discontinuities that meet the limiting criteria of what 
could be mapped in the shaft (i.e., discontinuities with shorter trace lengths). 

To better understand what type of discontinuities the mapped shaft data is sampling (i.e., sub- 
horizontal, inclined, or sub-vertical), compared to the DFN model, a cumulative distribution plot 
was produced for fracture dip angle (Figure 6). The results show that the shaft data follows 
a similar trend to the DFN model with respect to the slope of the curves (less than 3% difference) 
for discontinuities dipping 30° to 70° (i.e., inclined fractures). In contrast, very few sub-horizontal 
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Figure 5. Comparison of discontinuity trace length distributions sampled from an equivalent shaft in 
the DFN model generated from the borehole data, and that measured by photogrammetry in the shaft, 
considering: a) all data; b) filtered to consider only fractures with a dip less than 20°; c) filtered to only 
consider fractures mappable for the 3 m lift height of the shaft construction; and d) filtered to only con- 
sider fracture traces of less than 7 m together with the mapping restriction of 3 m lift heights. 


discontinuities are sampled in the shaft data; less than 3% of the total discontinuities dip at 30° or 
less, whereas in the DFN model, which closely aligns with the borehole data the model was 
derived from, almost 30% of the discontinuities dip at 30° or less. 

The sub-vertical discontinuities show almost the opposite trend. In the shaft data, sub-vertical 
discontinuities (dipping 70° or more) make up almost 50% of the fractures mapped. The borehole 
data shows the obvious bias that would be expected for a vertical borehole in intersecting sub- 
vertical discontinuities. Nevertheless, the higher percentage of sub-vertical discontinuities 
observed in the shaft data likely is compounded by a bias towards oversampling sub-vertical dis- 
continuities due to: 1) photogrammetry sample bias with respect to shadowing of fracture surfaces 
due to the sample angle of the scanning equipment, 2) different discontinuity size distribution 
functions for the sub-vertical discontinuities compared to the sub-horizontal, 3) potential under- 
sampling of perceived non-critical (relative to shaft stability) sub-horizontal discontinuities, 4) 
potential over-sampling of perceived critical (relative to shaft stability) sub-vertical discontinu- 
ities, 5) blast damage obscuring discontinuity traces and/ or increasing the fracture intensity on 
the shaft wall, 6) vertical overburden pressure closing the fracture aperture diminishing the 
observed trace of sub-horizontal discontinuities, or 7) a combination of two or more of the above 
biases. 


4 CONCLUSIONS 

Results were presented from a comparative analysis of a Discrete Fracture Network (DFN) 
model generated from borehole discontinuity data derived from downhole televiewer surveys, 
ground-truthed against discontinuity data derived from photogrammetry surveys from a co- 


located deep shaft. Emphasis was placed on evaluating the reliability of orientation, intensity and 
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Figure 6. Cumulative fracture dip distribution plot, comparing the data derived from the deep geotech- 
nical borehole and co-located shaft, and DFN modeling of the shaft data analyzed according to the 
3 m lifts used in construction and a continuous synthesis of the same data. 


discontinuity size distributions. The larger exposure scale of the shaft provided a means to evalu- 
ate a method for projecting discontinuity size distributions from borehole televiewer data based 
on a power law relationship fitted to regional mapped faults and the smaller scale borehole dis- 
continuities. The results indicate that the method was successful in producing a high quality DFN 
of value for use in stability analyses and tunnel support design. 

However, the analyses performed also revealed several sources of selective sampling and biases, 
including that in the shaft mapping photogrammetry data that resulted in the undersampling of 
sub-horizontal discontinuities and oversampling of sub-vertical discontinuities. The former relates 
to the vertical stresses decreasing or completely closing the aperture of sub-horizontal discontinu- 
ities, substantially reducing their trace visibility in the photogrammetry imaging. The latter simi- 
larly relates to the vertical stress, but in this case allowing the apertures of sub-vertical 
discontinuities to open or further propagate under stress relaxation in the shaft walls, increasing 
their trace visibility. 
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ABSTRACT: Rapid geotechnical characterisation of excavated materials is key to all initiatives 
aimed at mitigating the impacts of managing the materials excavated during tunnelling in particular 
by maximizing reuse and re-employement by immediately sorting materials of good geotechnical 
quality (applications for concrete, subgrade layer. .....). Rapid characterisation is a materials identi- 
fication process during the work site phase that is essential given the pace of the tunnel boring 
machines and the need for significant temporary storage areas pending analysis results. This char- 
acterisation can only be performed after geological investigations (soundings, exploration galleries) 
enabling geological formations of good geotechnical quality to be selected and on which rapid char- 
acterisation will be performed. It is not sufficient in itself and requires more advanced tests after the 
materials have been sorted (L.A./M.D. tests. grain-size characterisation, V.B.E.). At present, con- 
tracting authorities, project managers and companies are looking for rapid tests that are fast and 
easy to put in place on the site. This article gives food for thought for future research by presenting 
resistance test results carried out on good geotechnical quality materials on the T.E.L.T. site and 
the correlations between the Point Load Test (Franklin test) and the Los Angeles test on untreated 
materials and the dynamic fragmentation test and the Los Angeles test on screened materials. 


1 INTRODUCTION 


A proper method for selecting excavated materials is essential to produce a material that 
meets the requirements for the intended use, Descoeudres F. et al (2006). The selection criteria 
are specific to each project and adapted to the geological context, excavation method and 
intended use. A relatively complex quality system must be put in place for on-site reuse as 
concrete aggregates. A methodology for the selection of excavated tunnelling materials for use 
as concrete aggregates and associated tests was defined, Thalmann (1996) and tested as part of 
the construction of the New Rail Link through the Alps (NRLA) in Switzerland (Loetschberg, 
1999-2005 and Gothard 2000-2010) (Figure 1). The materials were either reused in concrete 
aggregates or placed in landfill. Today, uses other than concrete are being studied such as lev- 
elling works for example (backfill, merlon... or other sectors) so as to send only non-valuable 
materials to landfill. These studies on selecting materials for concrete aggregates have shown 
that the procedures for measuring the so-called breakability (BR.), “Point Load Test” (P.L.T.) 
and “Los Angeles” (L.A.) indexes make it possible to effectively check the suitability of the 


DOI: 10.1201/9781003348030-30 


244 


excavated materials to these requirements, Thalmann, (1996). Field and/or laboratory tests help 
confirm or correct the selection decisions made at the tunnel face or in the pre-classification 
process by online analysers. It is necessary to react quickly when these decisions are erroneous 
given the pace of the TBMs. This shows the importance of developing a fast and efficient 
process to control excavated materials and ensure quality. 


Indices of changes in the 
excavated material ? 


Breakability index text or 
Point Load Test 


Adequate mechanical 
characteristics 


Petrographic analysis and/or 
alkali recation test 


Material suitable for the 
production of aggregate 


Systematic testing 
(quality monitoring) 


Figure 1. Materials selection methodology for the Létschberg, extract from Thalmann (1996). 


Although the rocks of the tunnels of the New Alpine Railway Lines (N.L.F.A) such as Got- 
thard and Loetschberg are crystalline formations, the method of material selection can be 
duplicated on the sedimentary rocks of the Lyon-Turin tunnel construction site because the 
rocks are of good geotechnical qualities. Thus, TELT has implemented a similar methodology 
and advanced selection procedures in order to quickly characterize and orient the materials to 
be stored and transformed into concrete aggregates. 


2 PRESENTATION OF POSSIBLE TESTS, FORMATIONS AND CORRELATIONS 


2.1 Mechanical tests on materials for use as concrete aggregates 


The work presented was carried out as part of an internship, Mounre Sanga (2022). The goal 
was to develop a testing methodology so as to be able to propose an operative characterisation 
strategy for the management of materials. The tests were carried out in collaboration with the 
Infrastructures and Materials Risks Department of CEREMA Centre Est. The tests were car- 
ried out on materials from the Saint-Martin-de-la-Porte exploration gallery (SMP4), and on 
materials selected by TELT. The results of previous testing campaigns carried out by TELT 
were also used. The following mechanical tests were carried out in order to characterise the 
excavated materials for reuse as concrete aggregates. These various tests were selected after 
discussions with T.E.L.T. and C.E.R.E.M.A. Table 1 lists the standard for the tests carried 
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out, the granular cuts, the protocol indicating the objective, including the pretreatment 
required and the duration of the test without preparation (crushing, washing/drying, etc.). 

The goal was to find the fastest test adapted to the sorting of materials which have mechan- 
ical properties suited for reuse as concrete aggregates. The test methods refer to screened 
materials except for the Franklin or Point Load Test. 


Table 1. Summary of mechanical tests carried out. 


Protocol 
Test 

Granular specimen Test 
Mechanical tests AFNOR cut d/D weight duration 
Standard inmm Characteristics Treatment (g) (mn) 
Los Angeles (L.A.) NF 10/14 Fragmentation Crushing washing, M =5000 16 
EN.1097-2 -Apr 2020 resistance screening 
Micro-Deval (MD) NF 10/14 Wear Crushing washing, M1=500 120 
EN.1097-1 — Aug. 2011 resistance screening M2=500 
Abrasivity/ Breakability index 4/6.3 Fragmentation Crushing washing, M=500 5 
(ABr./BR.) AB. in g/t NF resistance screening 
P18-579 Feb. 2013 Breakability 
Dynam. Frag. (D.F.) NF 4/6.3 Fragmentation Crushing washing, M=350 5 
P18-574 Dec. 90 Cancelledin 7,7. resistance screening Indicatif 
2005 CHV 

10/14 
Franklin XP P94-429 -Dec L=0.5D Point load Adapt the dimensions 30 
2002 Point Load Index ISRM strength by cutting the block if Indicatif 
1985 necessary 


Los Angeles Index: The test standard for the Los Angeles Index (L.A.) is the NF EN 1097-2. 
This test (Figure 2a) determines the resistance to fragmentation (Breakability) of the aggre- 
gates. The L.A. test requires a heavy apparatus. The test requires a long preparation phase 
with crushing, screening, double washing and drying and large sample volumes. The test time 
required is significant (several days). The L.A. test is the “hardness” reference for the NF EN 
12620+A1 standard of June 2008 “Aggregates for Concrete”. The Los Angeles test is therefore 
the reference test when seeking an alternative “field test” method. Usage standards propose 
values for aggregate categories: 


— French standard NF 18.545 “Aggregates” sets 3 category codes for the following hydraulic 
concretes: LAA<30, LAB and LA C<40 et LAD<S0 (see Tabl. 42 in 10.1.1 of the standard) 
indicated for concrete aggregates excluding reloading concrete, 

— the European standard NF EN 12620+A1 “Aggregates for concretes” establishes 
a category LA35 (article 5.2 of the standard). It is indicated that for LA>40 it is recom- 
mended that it be evaluated on the basis of experience gained from previous uses. 


Breakability Index: A test method close to the reference method but simpler and that provides 
reliable initial results in half an hour (including preparation) is the Breakability index (BR.) 
(French norm AFNOR P18-579) (Figure 2d). In the same series of tests, an Abrasivity Index 
(ABR) is also determined. The rock sample is subjected to a wear process by the abrasion 
effect of a small rotating plate; the result can be compared with the Los Angeles (L.A.) test. 
For use in concrete aggregates, the recommended value for this BR test. < 75% (A.F.T.E.S., 
2019, T.E.L.T. P.R.F.2017) or < 60-70% every 15 meters of tunnelling (A.I.T.E.S., 2018). 

The Breakability Test (BR) was proposed as a daily test method as part of the quality con- 
trol process for the New Rail Link through the Alps (NRLA) with a Los Angeles test as 
a calibration and reference method, Thalmann (2003). For these projects, the correlation 
between some ten BR. and L.A. tests is positive and by adding tests on crushed aggregates 
(about 30), the correlation coefficient is 0.85, Thalmann (2003). 
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Franklin Test, Point Load Index, Point Load Test (P.L.T): Another test recommended as an 
additional means of determining the hardness of the rock and used for the New Rail Link 
through the Alps (NRLA) is the point load index or Point Load Test (P.L.T) known in France 
as the Franklin test (Figure 2c) or “Point load strength”. It can be carried out directly on TBM 
“chips” before crushing for hard rocks. This is to measure a compressive force, which is the 
maximum force emitted between 2 points until the sample breaks. The test can be carried out 
either in the laboratory using a test machine or in the field with portable equipment. The Inter- 
national Society for Rock Mechanics (ISRM) published a method for determining the point 
load test in 1985 (ISRM, 1985). The ISRM suggests that a shale sample should be tested in the 
directions that give the highest and lowest resistance values, which are generally parallel and 
normal in terms of anisotropy. For use in concrete aggregates, the recommended value for this 
test is Is50 > 2 N/mm? or 2 MPa (A.F.T.E.S., 2019) and Isso “parallel”: > 2.0 - 2.5 N/mm? and 
Is50 “isotropic”: > 3.0 - 3.5 N/mm”, with a test every 75 meters (A.I.T.E.S., 2018) and Is50 “par- 
allel”: > 2.5 N/mm? and Is50 “isotropic”: > 3.0 N/mm? (P.R.F., 2017). 

This test is largely dependent on the selection of the blocks according to their geological 
nature (representative of the variability of the batch) and their size. A correlation between the 
Franklin (P.L.T.) and L.A. tests was attempted when boring the Modane exploration gallery 
for the Lyon-Turin rail connection with negative correlation (G.R.A., 2008), from a dozen 
tests on quartzites, micaschist, sandstone and limestone. Based on specific studies for the prep- 
aration of concrete aggregates compiled in the G.R.A. report (2008), the campaigns high- 
lighted the possibility of using the muck of less hard rocks for the manufacture of concrete 
when the Point Load Test values are around 2 MPa and those of the Los Angeles test at 35 
(T.E.L.T, PRF2017). According to these studies, the Point Load Test, with rapid implementa- 
tion on the excavated materials, would enable a reliable characterization of the mechanical 
strength of the aggregate. 


b. Dynamic fragmentation test - cuts 


c. Franklin or PLT test on untreated materials d. Breakability /abrasivity test - cuts 
Figure 2. Apparatus for the different tests on the different cuts or samples. 
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Dynamic Fragmentation test (D.F.): Another on-site test was tested for this study, providing 
information close to the L.A. test. This test is still used today to control the quality of aggre- 
gates from a prospecting quarry or rapid tests, Tourenq (1972). This is the dynamic fragmen- 
tation (D.F.) test, an impact strength test on aggregates, to be carried out on crushed and 
screened materials. A specimen is placed in a steel cylinder and 16 to 28 impacts (depending 
on the granular class tested) are applied to it with a 14 kg weight falling from a specified 
height (Figure 2b). The standard for the dynamic fragmentation test was cancelled in 2005. 
The test protocol may still be used provided that it is specified in the contracts. The test stand- 
ard could be re-published in the future if stakeholders think this would be useful. This test is 
not automated. Tests were carried out with the two L.A. and D.F. methods. The findings 
showed good correlations with a coefficient of 0/94 on 89 pairs tested, Tourenq (1972). The 
recommended values for the D.F test are identical to those of the L.A. test. 


2.2 Formations selected 


The construction of the Lyon-Turin transalpine railway line is divided into 12 operational 
sites between France and Italy, for which T.E.L.T. is the contracting authority. The Lyon- 
Turin (9 sites) base tunnel is one of the most complex infrastructures, particularly due to its 
geological model (Figure 3). Different lithologies are encountered one after the other and, fol- 
lowing multiple explorations, have been classified for their reuse potential as provided for by 
the A.F.T.E.S. G.T.35 recommendations in class 1, 2 or 3 AFTES (2019). 


12 « construction sites » between France and Italy 


TUNNEL EURALPIN | 


GBB Outdoors works [E] Underground works kg International stations [EBM excavated materials 


O Ultra Dauphinoise O Sub-Briançonnaise Zone O Gypsum aquifer (anhydride, 
Zone (Flysch) (dolomite, limestone) limestone, dolomite) 


O Briangonnaise Coal Zone O Ambin Massif (gneiss, micas- 
(sandstone, shale) chist) 


O Briançonnaise Zone (micas- O Piedmontese Zone (garnet mi- 
chist, limestone, dolomite) caschists) 


Figure 3. Geology encountered over the tunnel layout. 


Class 1 materials are materials of good quality, suitable for transformation into concrete 
and road aggregates, whether crystalline or sedimentary rocks. Based on the studies of the 
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Final Reference Project (P.R.F. 2017) scenario 3b, for a production of 29.9 million tons, 
7.7 million tons of class 1 materials could be reused in aggregates for concrete, or 23%. By 
comparison for crystalline formations, the use of concrete aggregates on the Loetschberg 
(29%) or the Gotthard (23%), Thalmann et al (2005), is comparable to these forecasts for the 
Lyon-Turin tunnel. 

The various class 1 lithologies were collected in the form of crushed and screened materials 
following the 2021 campaign of supplementary tests (SETEC, 2011) and on untreated mater- 
ials extracted from the TBM when boring the Saint-Martin-la-Porte drift (Table 2) or col- 
lected from nearby quarries. The various lithologies collected are the coal sandstone of La 
Praz, the quartzitic conglomerates and the quartzites encountered on Modane, and the lime- 
stones of Saint Martin-la-Porte. 


3 RESULTS 


The tests were conducted in May 2022 with a report being drafted, Mounre Sanga (2022). The 
granular fractions collected were screened on the basis of Swiss feedbacks (4/8, 8/16): a Dmax 
equal to 16 mm makes it possible to recycle surplus classes and thus to best match the operation 
of the installation to the demand for aggregates (T.E.L.T. P.R.F. 2017). For the study, sieving 
had to be carried out to achieve the cuts set down in French test standards: 4/6.3, 6.3/10, 10/14. 


3.1 Correlation between breakability (BR.) and Los Angeles (L.A.) tests 


The breakability findings are compiled in Table 2. For the 4 pairs of values, the correlation 
coefficient between the breakability test and the L.A. test is 0.92, which indicates a very good 
correlation. Within the limits of the indicators to be verified, the highest breakability index is 
47 for quartz and schistic conglomerates, well below the threshold indicator which is < 60-70 
(A.LT.E.S. 2018). 


Table 2. Breakability and L.A testing campaign on 


materials. 

Tests - Formations (Lyon-Turin) L.A. BR 
La Praz coal sandstone GH 23 44 
Quartzitic conglomerates CQ 30 47 
Limestone C 19 38 
Quartzites Q 20 37 


3.2 Correlation between the Franklin (P.L.T.) and Los Angeles ( L.A.) tests 


The findings of the Franklin tests are compiled in Table 3. For the 4 pairs of values, the correl- 
ation between the Franklin test and the L.A. test is negative, the correlation coefficient is 
-0.72, a fairly good correlation. The indentation resistance index measured on the specimens 
from different facies (average of 10 samples) shows dispersions in the correlation result. How- 
ever, the measured values are consistent with the indicator to be checked (IS(50) = 3.5 MPa) 
for the isotropic test), Thalmann, (2004). 


Table 3. Franklin and L.A testing campaign on materials. 


Tests - Formations (Lyon-Turin) L.A. Franklin (PLT) 


La Praz coal sandstone GH 23 4.5 
Quartzitic conglomerates CQ 30 4.3 
Limestone C 19 5.4 
Quartzites Q 20 6.5 
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For the Praz Sandstone specimens, it was difficult to carry out this test and obtain results 
because the type of rupture did not enable the result to be used. The Franklin test is, under 
certain conditions (directly extracted blocks, rapid selection on size criterion [L 2 0.5 D or 
L=length and D=diameter], site system), the fastest to implement but may not be appropriate 
for certain materials (e.g. shale sandstone). 


3.3 Correlations between dynamic fragmentation (D.F.) and Los Angeles (L.A.) tests 


The results of the dynamic fragmentation tests are compiled in Table 4. For the 12 pairs of 
values, the correlation coefficient is 0.92, which is a very good correlation coefficient, and for the 
same 10/14 cuts, a coefficient of 0.98. The values measured for limestone, the “hardest” rock, are 
almost identical between the L.A. test and the DF test. For the other formations, the D.F. values 
are higher than for the L.A. test with the exception of the 2 tests on the 4/6.3 fractions for the C. 
Q. and Q. A difference of 5 points can be observed between the L.A. and D.F tests, as for 
example for the quartzitic conglomerates. 


Table 4. Dynamic fragmentation (D.F.) and L.A testing campaign on the Lyon Turin materials. 


L.A. Dynamic fragmentation 
Tests - Formation (Lyon-Turin) 10/14 4/6.3 6.3/10 10/14 
La Praz coal sandstone GH 23 26 27 26 
Quartzitic conglomerates CQ 30 27 30 35 
Limestone C 19 19 20 19 
Quartzites Q 20 19 21 23 


4 CONCLUSION 


According to the standards, the hardness of the aggregates is determined by the Los Angeles 
(L.A.) test. Since the latter takes time and can only be applied to aggregates, the hardness of the 
untreated excavated materials can be determined using more appropriate tests: Breakability, 
Franklin or dynamic fragmentation tests. These test methods are thus used to evaluate the mater- 
ial and to decide whether it is suitable for use as concrete aggregates and/or as sprayed concrete 
aggregates (or for other purposes), Lieb (2009), Burdin (2005), Thalmann Each test has advan- 
tages and disadvantages, although all have a good correlation with the L.A. test. However, in 
terms of speed, it is the Franklin test that is most interesting because it does not require sample 
preparation unlike the breakability and dynamic fragmentation tests. The test should therefore 
be chosen depending on the nature of the materials (blocks/granular fractions), the behaviour of 
the rock during the test (e.g., shale materials for the Franklin test), the qualification of the sam- 
pler (geologist for the Franklin test) and the measuring apparatus that can be used. 
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ABSTRACT: hyperTunnel’s method aims to substantially change tunnelling and under- 
ground construction, contributing a solution that is envisaged to be more sustainable and cost 
effective. The method works by turning convention on its head; building structures prior to 
excavation and use - in-situ tunnelling. Through a unique combination of proven technologies — 
including digital twins, robotics, 3D printing and digital underground surveying, supported by 
AI and VR — hyperTunnel’s approach aims to redefine the possibilities in underground con- 
struction. Two such existing technologies, permeation and compaction grouting, are established 
means of ground consolidation and groundwater ingress mitigation. The hyperTunnel method 
builds on these by tailoring them for a detailed and controlled underground construction pro- 
cess. Geotechnical assessment of the ground’s properties, both pre- and post-deployment of 
grout, is used to evaluate and develop the novel construction process. To generate samples, 
deployments are conducted in ground chambers of various sizes (21 m*) resulting in grout 
“plumes”. The size, weight and shape of plumes create a unique challenge to traditional cube 
and cylindrical sampling. Samples of the virgin ground and post-deployment composites are 
tested for their material properties. Testing includes, but is not limited to, particle size distribu- 
tion, shear box, consolidation, uniaxial compression, modulus of elasticity, Poisson’s, in-direct 
tensile, density and permeability. The consistency and repeatability of the post-deployment 
product is evaluated to inform design assumptions and provide insight to computational model- 
ling. Application aside, the overall process and data provide insight into the properties of 
grouted ground, away from more idealised and controlled desktop environments. The outlined 
geotechnical process underpins the thorough, empirical approach to design assurance adopted 
by hyperTunnel in its design and construction methodology. 


1 INTRODUCTION 


This scope of this paper is to outline the geotechnical and material testing processes that 
underpin the empirical approach to design assurance adopted by hyperTunnel in its design 
and construction methodology. 

Grouting is a ground improvement process that injects a material in fluid-state, into 
a porous ground, which subsequently hardens and bonds with the porous material. Several 
types of grouting approaches exist, including permeation grouting and compaction grouting. 
Injected grout that freely flows through a porous ground with minimal effect to the ground’s 
structure is referred to as permeation grouting (Dayakar et al. 2012). Alternatively, grout flows 
that cause the compression/compaction of the ground’s structure is compaction grouting. 
Rawlings et al. (2000) note that permeation grouting is typically used to reduce ground perme- 
ability and control ground water flow, but it can equally be used to strengthen and stiffen the 
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porous ground. Littlejohn (2003a, 2003b) details the uses of compaction grouting, such as 
compensation and ground remediation applications. 


i 
i 
Identify Geology Select suitable i Laboratory Trials 
chemistry/grout ' 
i 


Sampling, material - — 
testing and feedback Commercial Application 


Figure 1. Material production and testing process, with selected geologies and paired composite chemis- 
try trials, accompanied by materials testing to evaluate the resultant composite. 


The hyperTunnel method aims to perform grouting as a controlled underground construc- 
tion process rather than a ‘ground improvement process’, with the resultant lower permeabil- 
ity or strengthened and stiffened ground forming a water-stopping or structural element, 
respectively. This approach to grouting raises a number of challenges not typically faced by 
traditional grouting approaches. In particular, the material properties of the grout-ground 
composite must be known for structural design purposes, and a higher degree of control over 
grout placement is required to assert repeatability of the construction process and composite 
material properties. 

To address these challenges, a thorough, empirical approach to design assurance is adopted 
by hyperTunnel in its development, design and construction methodology. This paper outlines 
the geotechnical and materials testing methodology utilised by hyperTunnel to develop and 
define composites used in its construction processes. In doing so, an example composite of 
sand with cementitious grout is observed. 


2 TESTING METHODOLOGY 


hyperTunnel’s product development and testing methodology, specific to its construction 
materials, follows a standardised material testing and feedback loop. Illustrated in Figure 1, 
the methodology begins by identifying a geological material (and its real-world context) for 
which to develop construction material from. Suitable chemical additives (e.g., grout, resins, 
etc.) are subsequently selected based on their perceived potential to both penetrate the geo- 
logical material in-situ (via injection/deployment) and form a material composite. The com- 
posite must have appropriate and dependable material properties for use in underground 
construction, contributing to structural and/or waterproofing requirements. 

The paired geological material and selected chemistry are then subject to several stages of 
trials: Laboratory trials, followed by site-based trials and application trials. Each of these trial 
stages are performed in hyperTunnel’s in-house facilities with commercial testing used to val- 
idate in-house results. Samples for testing are produced in cube and cylindrical moulds and all 
testing is conducted in broad accordance with ASTM and BS testing standards. 

Laboratory trials are used to establish the material properties of the paired materials both 
individually and together as a composite. For the geological material this involves conducting 
a geotechnical classification suite of tests, typically including, but not limited to, moisture con- 
tent (MC), particle size distribution (PSD), particle density, Emerson class, Atterberg limits, 
optimum moisture content (OMC) and maximum dry density (MDD), one-dimensional consoli- 
dation, triaxial and/or uniaxial compressive strength (UCS), permeability, and chemical aggres- 
sivity suites. The selected chemistry is mixed on its own, to the manufacturer’s specifications, 
and can be tested for its density, compressive strength, tensile strength, Young’s modulus and 
Poisson’s ratio (where appropriate). The two materials are then mixed to form a composite 
under the idealised laboratory conditions and tested for their joint material properties. 
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Site-based trials follow the laboratory trials and are used to establish the material properties 
of the composite when created under deployment conditions. Deployment conditions are 
defined as those under which derivations of hyperTunnel’s robotics and injection technology 
are responsible for delivering the selected chemistry into porous ground. For these trials, the 
selected geology is prepared in IBC tanks and/or bags of approximately 1 m°. Where appro- 
priate and possible, the geology is prepared taking account of foreseen in-situ conditions, via 
compaction efforts and moisture conditioning. The containers are breached with metal lances/ 
needles which facilitate the injection of chemistry and mimics the robotic deployment process. 
Following the injection of chemistry, the resultant composite is exhumed from the container, 
sampled and subject to material testing suites. In addition to providing testing samples, these 
site-based trials are observed for initial indications of how the injected chemistry may behave 
during real-world deployments (e.g., transitions between permeation and compaction ‘grout- 
ing’, shape of resultant composite plumes, induced stress/strain to surrounding ground). 


Figure 2. Excavated tunnel constructed dimensions 5 m wide, 3.4 m tall and 6 m long. Excavated 
tunnel measures approx. 2 m by 2 m, and 6 m in length. 


Application trials focus on applying the composite (its properties and behaviour) to demon- 
strating structural and/or waterproofing actions. Trials use constructed earth chambers of 
various sizes (<100 m°) within which hundreds to thousands of chemistry deployments are per- 
formed within the earth chamber to develop a product (e.g. a tunnel archway). The deploy- 
ments are typically performed by hyperTunnel’s robotic assets, simulating operational 
conditions as far as reasonably practicable. Accordingly, the earth chambers are prepared to 
in-situ conditions through compaction efforts and moisture control. In the instance an arch- 
way tunnel is developed through detailed injections, the structure is then excavated to observe 
its properties. An example of a tunnel archway constructed in a large earth chamber is seen in 
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Figure 2. The composite created in said structures is sampled and tested for the material prop- 
erties it developed in-situ. 

Following evaluation of the trial results, the composite, its properties and application 
potential can be added to hyperTunnel’s available construction solutions and used in commer- 
cial environments where appropriate. 


2.1 Sampling approach 


Site-based and application trials require the sampling of composite from hardened plumes 
(post injection and curing) of various shapes and sizes. Due to the nature in which the com- 
posite will eventually be used, it is of interest to sample across the footprint of individual 
plumes, as well as along contact surfaces between adjacent injections. Figure 3 provides an 
illustration of how cube samples might be taken from two conjoining plumes. This process is 
deliberately conducted to ensure potentially weaker areas of composite mass are included in 
material analysis. 


06 0.4 
y [m] i x [m] 


Figure 3. Illustration of two grout plumes showing distribution of cube samples to be acquired for 
materials testing. Plumes are transparent to show the sample cubes positioned within their mass. 


2.2 Example trial process 


To evidence the described methodology, an example composite development process is pro- 
vided below, along with selected material testing results. The example provided is that of 
sand, mixed/injected with a cementitious grout, intended to provide a structurally competent 
composite. The individual components are described below and were subject to the testing 
methodology detailed above. The composite was used to construct the archway seen in 
Figure 2. 


2.2.1 Sand 

Envisaging the need to develop a structural composite for application in sand-dominated geo- 
logical environments (such as those found in the Arabian peninsula (Powers et al. 1966)), 
hyperTunnel sourced and selected a sand for product development. This selection followed 
hyperTunnel successfully demonstrating their construction method in a gravel-based geology 
and was a deliberate focus on constructing in a comparatively lower-permeability environment. 
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The sand was commercially described as a “Very densely compacted light brown slightly 
clayey very gravelly SAND (gravel is fine and sub-angular)” (K4 Soils, 2022). 


2.2.2 Micro-fine cement, grout and additives 

Masters Builders Solutions’ (MBS) MasterRoc MP 650, or ‘MP650’. was selected for 
mixing with the sand, following PSD analysis of the sand suggesting MP650 would suf- 
ficiently permeate the sand as per hyperTunnel’s requirements. MP650 is a well-graded 
micro-fine cement milled from pure Portland cement clinker and has a Blaine value of 
650 m*/kg (MBC, 2021b). The MBS product was developed specifically for injection 
into rock and soil due to its small particle size, making it ideal for penetration into 
tight joints, fissures and pore spaces (MBC, 2021b). MBS specify that their superplasti- 
cizer, MasterRheobuild 1000, be used with MP650. MasterRheobuild 1000 is a high- 
range water-reducing admixture, formulated to produce rheoplastic concrete properties 
(MBC, 2021a). 

To produce grout from the cement, water was added at a one to one ratio (i.e., 1:1 w/c by 
mass) and the super-plasticizer is added at 1.25 % of cement mass. Mixing was performed 
with a colloidal mixer that operated above the minimum requirement of 1500 rpm, providing 
the necessary shearing capacity and mixing the grout as specified by the manufacturer (MBC, 
2021b). The grout’s composition and mixing were reviewed by MBS representatives to ensure 
both compliance and optimisation of the product. 


3 RESULTS, ANALYSIS & DISCUSSION 


3.1 Characterization of sand 


Commerical and in-house testing results observed the sourced sand with natural moisture 
contents of 7.6-9.0 %, induced moisture contents of 6.5-18.5 % (during compaction test- 
ing), bulk density of 1.79-1.98 Mg/m?, and dry density of 1.63-1.84 Mg/m*. PSD results 
provided uniformity and curvature coefficients of 6.4-6.8 and 0.58, respectively. Illus- 
trated in Figure 4A, commercial results indicated a higher proportion of gravel than in- 
house testing alluded to. 

Compaction testing yielded an MDD of 1.81 Mg/m? and an OMC of 14 %. Permeabil- 
ity testing via falling head method indicated a hydraulic conductivity coefficient of 
2.36E-05 m/s, and chemical aggressivity testing indicated minimally aggressive content. 
Consolidation testing was performed and the results are illustrated in Figure 4B, with 
reference to the overburden pressures experienced during site and application trials. The 
void ratio (e) of the sand decreased from an initial ratio of 0.63 to 0.608 under 160 kPa 
of applied pressure, corresponding to a porosity (n) of approximately 0.38-0.39. An 
undrained unconsolidated triaxial tested was performed at confining pressures of 16, 32 
and 64 kPa, resulting in an apparent undrained friction (¢,,) and undrained cohesion (c,,) 
value of 36.8° and 22 kPa, respectively. The triaxial test results are illustrated in 
Figure 4C. 


3.2 Grout and sand-grout composite 


UCS testing results for the various trial-based cementitious samples are shown in 
Figure 5, plotting results for all samples > 7 days in age since injection/fabrication. As 
per the prescribed methodology, the cementitious grout was first tested in laboratory 
trials alone (black plus marker), then tested in the laboratory as a composite with the 
selected sand (blue cross marker), followed by sampling and testing from site-based and 
application-based trials (red circles marker). A summary of the test results is provided in 
Table 1. The highest compressive strength results are observed in the grout only samples, 
which were produced under controlled conditions. The addition of sand to the grout, 
still under controlled laboratory conditions, results in a marked increase in density but 
a reduction in compressive strength. Under site-based and application based trials, the 
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Figure 4. Plot A displays particle size distribution of sand samples; Plot B displays consolidation results 
from a commercial laboratory. Plot C undrained-unconsolidated (UU) triaxial tests. 


average compressive strength and density fell again. In practice, UCS and remaining 
material properties are evaluated once matured (2 28 days, dependent on elected chemis- 
try). hyperTunnel’s inclusion of ‘younger’ samples in analysis is considered to further 
increase the conservative nature of results obtained. 

Deducing effective material properties for use in comprehensive design of potential 
structures requires further statistical analysis and evaluation of the data collected from 
testing. It is typical of several design frameworks that follow load and resistance factor 
design (LRFD) approaches to suggest the use of particular percentile values when con- 
ducting design with empirically obtained material parameters of a stochastic nature. 
Figure 6 provides the empirical probability density functions of samples from various 
trial origins, from which distribution assumptions can be evaluated (e.g., K-S Test 
(Massey Jr, 1951) against an a priori distribution) and indications of percentiles are 
obtained. This method of results analysis can be extended to the composite’s test results 
for all material properties (i.e., density, tensile strength). The combined evaluations are 
used for the selection of material properties applied to FEM computational analysis pro- 
grams (e.g., Plaxis by Bentley Systems) for detailed design. 
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Figure 5. Uniaxial compressive strength versus density of selected samples from laboratory, site and 
application trials. 


Table 1. Summary of UCS test results. 


Mean (u) Standard Deviation (0) Sample 
Sample Origin Density [kg/m*] UCS [MPa] Density [kg/m*] UCS[MPa] Count (N) 
Lab: Grout Only 1370 93 42 2.8 31 
Lab: Grout w/ Sand 1946 5.4 74 2.2 45 
Site/App: Grout w/ Sand 1902 2.8 215 1.9 111 


—-—-—-- Lab: Grout Only 
— — — - Lab: Grout w/ Sand 
——— Site/App: Grout w/ Sand 


0 4 8 12 16 
UCS [MPa] 


Figure 6. Empirical cumulative distribution functions of UCS results obtained for each sample group. 
Results show a reduction of UCS as production environment becomes less controlled/idealised. 
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4 CONCLUSIONS 


This paper served to outline the geotechnical and material testing processes that underpin the 
empirical approach to design assurance adopted by hyperTunnel in its design and construc- 
tion methodology. The hyperTunnel method adapts traditional injection grouting techniques 
to inject cementitious and non-cementitious chemicals into geological material in a detailed 
and controlled process for use as an underground construction approach. The testing results 
of a sand and cementitious grout composite were reviewed to illustrate the staged trial and 
testing approach employed when evaluating the potential of a composite to be used by hyper- 
Tunnel. This approach can be extended to other potential composites in a similar manner. 
The method utilises recognised material testing procedures, along with accepted LRFD-based 
statistical evaluations of materials used in structural engineering applications. 
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Mapping by pictures: A case study of simplified rock mass 
classification to improve consistency 


P. Evins 
WSP, Stockholm, Sweden 


ABSTRACT: Inherent subjectivity in the most used rock mass classifications often causes 
accumulated inconsistencies between parameters mapped by different geologists which can 
lead to classification of the same rock mass into 3 different rock support classes. An alterna- 
tive approach is to reduce the number of mapping parameters and focus on repeatability and 
geological consensus for rock mass classification. In this case study, scaled example pictures 
of the expected levels of blockiness and fracture condition were appended to the Geological 
Strength Index (GSI) chart. Direct comparison of these pictures to the rock mass determines 
the parameter values and reduces mapping time. Because the mapping process is quick, it can 
be repeated and verified more often. This pictorial GSI classification was tested on geologists 
and engineers and then used for rock support decisions on an open TBM. The resulting 
streamlined mapping process provided more consistency between all parties. 


1 SUBJECTIVITY IN ROCK MASS CLASSIFICATION SYSTEMS 


Rock mass classification systems are typically used for: 1) ground characterization for design 
of rock support and excavation, 2) input for calculating rock mass strength, 3) choice of rock 
support during construction and 4) ground verification during construction. Q and RMR are 
typically used for 1, 3 and 4, whereas GSI is often used for 2. In Sweden, Q or RMR is usually 
determined by a team of young mappers and is often the key parameter for choosing perman- 
ent rock support along with considerations for joint set geometry, stresses, lithology and 
intact compressive strength. The quality of any classification system can be judged by its 
accuracy and precision. Most rock mass classification systems focus on accurately describing 
the rock mass. Less attention has been focused on achieving high precision. For rock mass 
classification, precision is represented by the consistency between mappers’ determinations of 
the same rock mass. Parameter subjectivity in a classification system can diminish accuracy. 
However, it has a greater effect on precision because it allows individuals to interpret the par- 
ameter differently. Sources of subjectivity and how they are handled in the three main rock 
classification systems are discussed below. 


1.1 QO’ and RMR’ 


The mapping parameters in the Q system comprise RQD, Jn, Jr, Ja, Jw and SRF (Barton 
1974). The first four of those parameters constitute Q’. Q’ can be determined by direct obser- 
vation of the rock mass and is not strongly dependent on the construction. Of those four 
parameters, only RQD can be directly measured quantitatively. The other three are deter- 
mined by assigning points based on a text description of characteristics. For Jn, variation in 
the size of the observation window within a rock mass domain can give misleading results. 
For instance, a large domain with large observation window may be chosen for a relatively 
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homogenous granite where several joint sets are present, but with 1 to 5 m spacing. This 
would result in an artificially high Jn even when the potential for block formation at the scale 
of the construction is taken into consideration. Alternatively, an adjacent schist may only 
have one closely spaced joint set which yields a low Jn. Joint alteration (Ja) is divided into 
three classes, one of which is defined as “rock-wall contact before 10 cm shear” (Barton 1974). 
This requires the geologist to imagine shearing along a fracture surface along which only 
a small portion is observable. Both Jr and Ja have caveats where the point value used for the 
rock mass domain classification should be chosen from the structure that most adversely 
affects the construction. This judgement is not always possible during site investigation and 
adds a further layer of subjectivity (construction bias) in the classification. The combined sub- 
jectivity effects of the geologist’s choice of domain/observation window, estimation of joint 
behaviour and construction bias leads to inconsistency in Q’ determinations between 
geologists. 

The mapping parameters in the RMR system comprise uniaxial compressive strength, 
RQD, joint spacing, joint condition, and groundwater (Bieniawski 1989). A points-based 
system is used for all the parameters. In Sweden, RMR’ is often used for mapping and design. 
RMR’ is the sum of the mapped points from the first five parameters and default 15 points 
for the groundwater parameter. Three of those parameters can be determined quantitatively. 
However joint condition must be determined by the geologist based on a text description of 
characteristics. Joint condition is thus subjectively interpreted which risks different interpret- 
ations by different geologists. This, again, leads to inconsistency. 

In summary, both Q and RMR contain 6 parameters, the majority of which are determined 
by point systems with qualitative descriptions that may be difficult for geologists to agree 
upon and some of which are dependent on the construction. Together, the subjective interpret- 
ations of each parameter form a cumulative uncertainty. The authors of these two systems 
readily acknowledge that Q and RMR involve elements of interpretation and are not wholly 
quantitative (Barton & Bieniawski 2008). Furthermore, they have always emphasized that 
Q and RMR should never be used as the only input for rock support design and decisions and 
lament this common practice. Despite their warnings, these classification systems are often 
misused or overly relied upon as a simple and sometimes sole tool for rock support decisions 
due to a lack of experienced geologists and cost-saving in the industry. Keeping such likely 
(mis)use in mind, two approaches may be implemented to improve rock mass classification: 
reduce subjectivity by making parameters quantitative or accept the subjectivity inherent in 
rock mass classification and reduce the number of parameters and thereby reduce the cumula- 
tive effect. The GSI system embraces the latter (although parameter reduction was not the ori- 
ginal purpose of its authors). 


1.2 Engineering use of GSI 


The original GSI chart (Hoek et al. 1995) characterizes the blockiness (y-axis) and joint condi- 
tion (x-axis) of the rock mass with sketches and qualitative text descriptions. The blockiness 
scale along the y-axis has subsequently been quantified according to RQD (Hoek et al. 2013), 
joint spacing (Cai et al. 2004), and block volume (Sonmez & Ulusay 1999). Joint condition 
along the x-axis has been correlated with RMR joint condition (Sonmez & Ulusay 1999, Hoek 
et al. 2013), however, as pointed out above, RMR joint condition is still a subjective param- 
eter. Rock mass strength in Sweden is commonly determined by the Hoek-Brown Failure Cri- 
terion whose main rock mass classification input is GSI (Hoek & Brown 1997). However, GSI 
is rarely mapped in Sweden. Instead, it is often derived from RMR or Q via one of the follow- 
ing formulas from Hoek et al. (1995) and Hoek et al. (2013): 


GSI = RMR-5 (1) 


RQD 
GSI = rep +1.5 RMR Joint condition (2) 
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_ RQD 52 
GSI =~ (2) (3) 


Comparisons between mapped GSI and calculated GSI using the above formulas are rarely 
published. Equations 2 and 3 were compared to mapped GSI for c. 70 determinations from 
a drill and blast tunnel by Höek et al. (2013). In that study, Equation 2 underestimated mapped 
GSI with increasing GSI by as much as 5 points, while Equation 3 overestimated mapped GSI 
with increasing GSI by as much as 7 points. Both correlations were good with r* = 0.88 and 
0.95 for Equations 2 and 3 respectively. Bertuzzi et al. (2016) compared Equation 2 to mapped 
GSI from a selection of sandstone, shales and schists from Sydney, Australia and New Zealand. 
In that study, the correlation was fair (r? = 0.68) and most determinations were within 10 GSI 
points of each other. Ceballos & Jimenez (2014) compared mapped GSI directly to 
RMR’ and derived excellent correlations (r? = 0.85-0.95) of GSI = RMR’- 10 for igneous 
(n=14) and metamorphic rocks (n=20) in Spain. That study indicates Equation 1 may 
overestimate mapped GSI by 5 points. Somodi et al. (2021) compared Equations 1 and 2 to 
mapped GSI with new and existing datasets. In that study, Equation | overestimated 
mapped GSI with increasing GSI by as much as 7 points, while Equation 2 overestimated 
mapped GSI with decreasing GSI by as much as 5 points. Both correlations were good 
with r° = 0.74 and 0.81 for Equations 1 and 2 respectively. 

Most of the crystalline bedrock of Sweden is Precambrian granites and high-grade gneisses 
that have witnesses multiple stages of ductile and brittle deformation. A comparison of GSI 
calculated from Equations 1 and 2 to independently mapped GSI from a Swedish drill and 
blast tunnel (DB1) and open TBM tunnel in Sweden is shown in Figure la. In the drill and 
blast example, Equation 2 correlates poorly (r? = 0.42) with and grossly underestimates 
mapped GSI. However, in the TBM example the correlation is better (r° = 0.78), but Equa- 
tion 2 still underestimates mapped GSI by 9 points. Equation 1 matched mapped GSI very 
closely resulting only in a 2 point overestimation of mapped GSI which is similar to the result 
of Ceballos & Jimenez (2014). 


a 


D81 n=151 
GSI = 1.5(RMR Jcond.) + RQD/2 
y= 0,6435x + 36,332 


Ws 0422 DR2 n= 116 
y = 0,9094x + 13,65 
R? = 0,758 
© 20 we Pr 04-4 e+ D81 n=151 PR PR 
f yï ne 
Æ ges GSI = RMR'-5 
X = 0,8969x + 14,291 
te oso . y = 1,0904x - 2,2982 y x+ 14,2 


we 
ya eect T 
R? = 0,7582 wf R? = 0,7136 


TBM n=568 à 
GSI = 1.5(RMR Jcond.) + RQD/2 
y= 0,9791x+9,0484 
R? =0,7785 


Figure 1. Calculated GSI according to equations 1 and 2 vs. mapped GSI for a drill and blast (DB1) 
and TBM tunnel in Sweden. 


A comparison of GSI calculated from Equation 3 to independently mapped GSI from 
another Swedish drill and blast tunnel (DB2) and the same open TBM tunnel in Sweden is 
shown in Figure 1b. In both examples, the correlation is fair (r? = 0.71 — 0.76), and Equation 3 
underestimates mapped GSI with decreasing GSI by as much as 10 points. 
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Comparisons of mapped GSI versus GSI derived from Q and RMR parameters presented 
in literature review above and the new data from Sweden in Figure | show that Equations 2 
and 3 do not yield consistent results from study to study. Equations 2 and 3 either over- or 
underestimate mapped GSI by up to 7 points. Equation 1 yields more consistent results with 
slight overestimations of mapped GSI in most cases. Regardless, correlations between derived 
GSI and mapped GSI are only fair (r? is rarely > 0.78) and inevitably introduces another layer 
of uncertainty into any derived GSI value which will already contain the inherent uncertainties 
of the Q or RMR system described above. The analysis above supports the approach of map- 
ping GSI directly from Hoek et al.’s (1995) chart, thereby reducing the number of parameters 
and avoiding derivative uncertainties. 


2 PICTORIAL ROCK MASS CLASSIFICATION 


2.1 Ground types 


A different approach to rock mass classification focused on ground behaviour and how to 
address it with rock support has been championed by Marinos (2020) among others. It is 
based on a stepwise process that first classifies ground types, then identifies potential failure 
mechanisms (ground behaviour), presents them in the form of sketches with textual descrip- 
tions, and then prescribes support and excavation for each behaviour. Ground behaviour 
types for tunnels have been described by Terzaghi (1946) and Schubert et al. (2003). Marinos 
(2012) sketched these types and placed then into the framework of the GSI chart. Example 
photographs have also been published for these ground behaviours (Marinos 2020). As well as 
the GSI range for the sketch location on the chart, a number of other parameters such as lith- 
ology, intact UCS, rock mass UCS, joint friction angle and joint orientation relative to the 
construction may also be added to each ground type description. Although they complement 
the ground description, some of these parameters such as friction angle will ultimately be 
derived from subjective mapping parameters such as Jr and Ja. The author is unaware of any 
studies evaluating the consistency between geologists in choosing ground types/behaviours 
during tunnel mapping. 


2.2 Simplified pictorial rock mass classification 


The GSI chart was chosen as the framework for the simplified pictorial rock mass classi- 
fication presented in this paper based on the logical assumptions put forth in section 1 
of this paper that GSI involves the least number of parameters, is often used to deter- 
mine rock mass strength, and cannot accurately be derived from Q or RMR. The simpli- 
fied pictorial rock mass classification developed for a specific case and presented in this 
paper is shown in Figure 2. The generic sketches of fracture patterns on the GSI chart 
were replaced with sketches scaled to the case-specific observation window (in this case, 
a 2 m section behind the TBM shield between 10 and 2 o’clock). The block edge lengths 
in the sketches generally follow those of (Cai et al. 2004). Example images from TBM 
tunnels were associated with each sketch to further aid the mapper. The descriptions 
along the y-axis were modified to include descriptions of intact rock strength (based on 
Burnett (1975)) and ground behaviour (for instance, amount of overbreak). Mappers are 
encouraged to rely on their first impression when comparing their view of the exposed 
rock with the sketches and photos. Photographs of example individual fractures were 
added to the x-axis and the descriptions were modified with fracture length cut-offs, 
more exact fracture width ranges and simplified filling descriptions. The inside of the 
GSI chart is shaded and labelled according to different rock classes (akin to ground 
types). Example photographs of each rock class are also provided to help the mappers 
verify their rock class determination from the modified GSI chart. Support decisions are 
made primarily based on the rock class and identification of any unstable large blocks. 


263 


— 


max. 1 mm wide, no filling 


Fracture quality. 


fractures have become clay seams in completely altered rock | 


Ye. A 


toe 


Blockiness. Intact Rock Strength. Behaviour : 
0-5 fractures in L1. Fracture spacing> 1 m. Very 
large interlocked blocks. Many hammer hits to 


VS break. Smooth, round, continuous tunnel surface 


& smacth, 1-5 mm sot ing [fingernail scrapes) OR rough, 5- 


Fracture spacing 30-100 cm. Large interlocked 
blocks. Many hammer hits to break- rare 


LD 
OP KK) 
Ves overbreak 


ý Fracture network forms medium interlocked blocks. 

aS One hammer hit to break. Rock inside blocks 

y stained from alteration. Not a continuous smooth 
tunnel surface. Local overbreak 


Smali, partially interlocked blocks OR less fractured 
K \ rock (> 30 om edge length) with 10- 50 cm wide 
seams of crushed rock that can be dislodged with a 
knife. Overbreak common, especially in seams 
Intensely fractured with small blocks "sugar 
cubes” poorly held together. 1-10 mm fractures 
with soft filling. One hammer hit frees blocks. 
Intact rock completely altered. Local ravelling. 


x] 
`o 
N 

i 
° 
= 
= 
8 
pod 
2 
a 
3 
£ 
v 
v 
c 
-A 
© 
a 
Q 
< 


Decreasing Block Edge Length (cmi) 


a 


Strongly altered/disintegrated/crushed rock with 10 
~ 50 cm wide clay seams. Can excavate with a knife. 
Ravelling. 


Figure 2. Simplified pictorial rock mass classification presented in this paper. 


3 CASE STUDY 


3.1 Circumstances 


Special circumstances necessitating an easy to use, fast and streamlined rock mass classifica- 
tion system arose due to machine, logistical, safety, personnel and contract limitations. An 
engineering geologist could not be present on the TBM at all times during excavation, so the 
responsibility for initial rock mass classification and determination of rock support fell on the 
site manager engineers who have 24-hour presence on the TBM. Furthermore, the main bolt 
rig on the open gripper TBM was located just behind the finger shield and thus rock support 
decisions involving bolting were needed with every 2 m of advance. Nevertheless, those per- 
manent rock support decisions still needed to be based on a rock mass classification (in this 
case, GSI) since the tunnel is not lined. A more thorough characterization of the rock mass 
including verification of the initial GSI classification using the simplified pictorial chart was 
made by an experienced engineering geologist c. 25 m behind the shield. 


3.2 Training 


Twenty six engineers and geologists were lectured on the mapping workflow and use of the 
simplified pictorial classification system. Instructions for the identification of potential block 
failure wedges and sheets as they emerge from behind the shield were also included. After the 
lecture, the participants used the simplified pictorial chart to GSI classify 10 example images 
from TBM tunnels of similar diameter and lithology. Participants were given a maximum of 2 
minutes per classification. A selection of the results along with their example images are 
shown in Figure 3. 
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In good to excellent rock conditions (rock classes I-II; GSI > 45), almost all participants 
chose the same rock class (Figure 3-1), however in foliated lithologies, engineers sometimes 
mistook foliations for fractures leading to a lower rock class (Figures 3-2) or both geologists 
and engineers underestimated fracture quality (Figure 3-3). Such variation can be expected 
when classifying a picture without seeing the rock in-situ, yet still, when GSI was > 45, the 
mapped rock classes never differ by more than one rock class. In worse rock conditions (rock 
classes II-V; GSI 10-45), roughly 70% of participants chose the same rock class (Figures 3-4 
to 3-6), and less than 10% of participants chose a rock class that differed by more than one 
rock class from the author’s judgement. with a larger variation among engineers except in the 
worst rock class where the amount of fractures varied widely among geologists. In general, 
engineers tended to overestimate the amount of fractures and underestimate fracture quality 
(possibly due to lack of geological knowledge and confusion with foliation). 

The training exercises continued in the start of the TBM tunnel where two more classifica- 
tions were performed observing the rock in-situ. In both exercises, all participants agreed on 
the same rock class. 


Figure 3. A selection of results showing the author’s (red ring), geologist’ (green rings) and engineers’ 
classification of the training images. 


3.3. Implementation 


After training, the simplified pictorial rock mass classification was used by all site manager 
engineers and geologists for rock classification and support decisions in the tunnel. Determin- 
ation of GSI usually took less than 5 minutes. Quality control was implemented through sep- 
arate parallel mapping sessions with the author and each individual for every 200 — 500 m of 
tunnel. Of those 152 parallel mappings, the author and engineers were within the same rock 
class 90% of the time based on average GSI and 82% of the time based on minimum GSI 
(Figure 4a). An even larger database for comparison was generated from the circumstances 
requiring constant GSI determinations by the site manager engineers behind the shield and 
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later verification GSI determinations by geologist further back on the TBM. Of those 563 
individual GSI determinations by engineers and geologists, the geologists and engineers were 
within the same rock class 95% of the time based on average GSI and 92% of the time based 
on minimum GSI (Figure 4a). In both comparisons engineers tended to overestimate GSI. 
Most of the discrepancies are due to different GSI for tunnel walls and the tunnel ceiling, 
which takes precedence for support decisions. Other discrepancies are due to the difference 
between the geologists’ and engineers’ mapping windows. Engineer mapping windows were 
always 2 m whereas geologist mapping window are 15 m and geologist domain boundaries 
were sometimes offset from engineer domain boundaries. Furthermore, the geologists could 
lump worse or better rock quality domains together because of their larger mapping window 
whereas the engineers were forced to divide domains in 2 m intervals. 

In conclusion, the consistency in rock class determinations using the simplified pictorial 
mapping was very high (> 90%) between different mappers. In those instances where different 
rock classes were determined the difference was always only one rock class. 
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Figure 4. Comparison of GSI determined by different parties for the same rock mass domain. a) Author 
determined GSI versus engineer determined GSI for 152 domains during parallel mapping sessions. 
b) Geologist determined GSI versus engineer determined GSI for 563 domains. GSI average shown 
as dots and minimum shown as dashes. Areas where GSI determinations resulted in different rock 
classes are shaded red and green. 


4 RECOMENDATIONS 


In the appropriate circumstances GSI determination using a simplified pictorial mapping 
system can provide high consistency between different mappers and significantly decrease pro- 
duction time needed for rock support decisions. This system is most appropriate in cases 
where rock support decisions are needed quickly and on a continuous basis, such as on an 
open TBM in an unlined tunnel. However, this system could also be integrated into the 
Ground Type concept where example sketches and images may be presented on a chart for 
verification by the mapper. Both uses of the system benefit most with example images from 
nearby excavated construction in the same lithologies. Separate charts may be needed for dif- 
ferent lithologies if their ground behaviour differs significantly. Images in the chart may be 
updated from site-specific rock masses as the project progresses. 

Finally, it must be emphasized that this mapping system is only one PART of the ground 
characterization and should ALWAYS be supplemented with other relevant information (e.g. 
joint set geometry, primary and secondary stresses, intact rock strength and lithology) to 
make wise rock support decisions. In particular, the geometrical relationship between 
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discontinuities, stresses and the excavation (e.g. the ability to identify wedges) is of utmost 
importance. It requires experience and should NEVER be ignored during design or implemen- 
tation of rock support. 
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ABSTRACT: Resonance effects in parallel fractured rock masses are investigated using 
equivalent material models. The mechanisms of spring resonance and superposition resonance 
are considered. Both of these resonance mechanisms give rise to resonant frequencies, which 
represent bands of high transmission. Three different representations of a fractured rock mass 
are adopted: discrete fractures using special elements in the finite difference mesh; 
a homogenous equivalent medium representing the weakening to the material caused by the 
fractures; and a localised equivalent medium applied in the vicinity of fractures. The models 
are excited by a wide-band source, the response measured and a transfer function generated 
from the results. Results are compared to the prediction of spring and superposition resonant 
frequencies calculated using analytical equations. It is found that the discrete and localised 
equivalent materials give similar results, which match the predictions from the analytical equa- 
tions for both resonance mechanisms, while the equivalent homogenous medium does not 
show any resonance effects. Showing that this effect occurs in the appropriate equivalent 
material model helps future prediction of ground borne vibrations from underground sources, 
such as railway tunnels, as it gives a greater scope of models which can accurately model the 
propagation of stress waves through fractured rock masses. 


1 INTRODUCTION 


Fractured rock masses are common in nature and have been the subject of numerous studies 
in the past. Vibrations propagating through fractured rock masses are a subject area with 
a rich history. The motivation of this work is to study vibrations propagating through frac- 
tured rock masses generated from trains running through tunnels (Figure 1). Trains in tunnels 
generate ground borne vibrations at a range of frequencies, typically up to 250Hz (Ouakka 
et al., 2022). Understanding the propagation of vibrations from train tunnels to receptors is 
a well researched subject (Avci et al., 2020; Forrest and Hunt, 2006; M. F. M. Hussein et al., 
2014; Ruiz et al., 2019; Sheng, 2019). However, studies of the transmission of stress waves 
through fractured rock masses and studies from stress waves generated by rail vibrations tend 
not to overlap, with few exceptions (Eitzenberger, 2012). Therefore, a gap does exist in the 
available literature for studying rail vibrations, generated within tunnels, propagating through 
fractured rock masses. 
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Stress waves propagating through a fractured material are affected by differences in the seismic 
velocity of blocks and the presence of discontinuities. Propagation of stress waves can be refracted 
and reflected at interfaces between blocks. When two blocks are in contact and their seismic vel- 
ocity is the same, refraction and reflection occurs if the two blocks are not perfectly bonded, 
giving a finite fracture stiffness. If the blocks are perfectly bonded the interface is effectively not 
there and no refraction or reflection occurs. In reality, fractures will not be perfectly bonded and 
will have a finite fracture stiffness due to roughness of the fracture walls, infilling of the fracture 
or a weathered annulus in the blocks on either side of the fracture (Bandis et al., 1983). This will 
be the case in a homogenous fractured rock mass, where the rock mass is composed of blocks of 
the same properties separated by fractures. Stress wave propagation through fractures has been 
widely studied in literature with analytical solutions being derived for a variety of situations (Cai 
and Zhao, 2000; Pyrak-Nolte et al., 1990), as well as more complex cases being investigated 
numerically (Deng et al., 2012; Fan et al., 2018; Hildyard, 2007; Holmes et al., 2022; Parastatidis, 
2019; Xu et al., 2022). For single fractures, the degree of reflection is related to the fracture stiff- 
ness and the frequency of the incident wave. The degree of reflection increases as the stiffness of 
the fracture reduces; with a very low stiffness fracture reflecting all energy and a very high stiffness 
fracture transmitting all energy. Incident waves of a high frequency will also show a greater 
degree of reflection than low frequency waves. Cai and Zhao (2000) found that when there are 
multiple parallel fractures a relatively high transmission zone can develop at low frequencies. This 
only occurs at very specific ratios of fracture spacing to wavelength, but indicates that there are 
many factors to consider between fractured rock masses and wave transmission. 


Figure 1. Train vibrations from embankments and tunnels in jointed rock masses. 


Holmes et al. (2022) investigated resonance effects within parallel fractured rock masses, 
finding that there are two mechanisms which allow high transmission. These are superposition 
resonance and spring resonance. Superposition resonance is generated through the construct- 
ive interference of reflected waves, causing standing waves to develop within blocks. Spring 
resonance occurs when fracture bounded blocks oscillate like masses between springs. Equa- 
tions to predict the frequencies of these resonance effects were presented, which are included 
in equations | and 2, for spring resonance, and equation 3, for superposition resonance. The 
superposition resonance effect has been identified previously by Li et al. (2019) and Nakagawa 
(1998). Due to the high velocity of intact rock material, superposition resonance typically 
occurs at high frequencies, often outside the range of train vibrations. The spring resonance 
effect has not previously been identified in fractured rock masses, despite its foundation in 
classical mechanics. However, it has been described in 1D monatomic phononic crystals 
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(Hussein et al., 2014). These tend to occur at lower frequencies, which can potentially affect 
the frequency of vibrations from railways. Knowing the resonant frequencies of a fractured 
rock mass, and as a consequence the frequencies which will be preferentially transmitted, it is 
possible to more accurately predict the frequency of vibrations incident upon a receiver and as 
such design mitigation measures to reduce these vibrations. 


KnX =aMX (1) 
h=- (2) 
ae 3) 


Where, Km is the stiffness matrix, M the mass matrix, X a vector which satisfies equation 1, 
a and a, the eigenvalues and n’th eigenvalue of equation 1, C, the p-wave velocity, n the res- 
onant peak number and s the fracture spacing. 

Holmes et al. (2022) generated models containing discrete fractures. However, the effect of 
different material models on these resonance mechanisms were not tested. Parastatidis (2019) 
analysed the effect of different fracture models on the propagation of stress waves. Discrete 
fractures, as used by Holmes et al. (2022), as well as equivalent transversely isotropic materials 
and localised equivalent materials were investigated. This study will model a fractured propa- 
gation pathway using the equivalent material models of Parastatidis (2019) in order to deter- 
mine whether these resonance effects still persist. 


2 METHODLOGY 


A numerical model is used to evaluate the effect of different equivalent material models on 
resonance effects. The numerical model is solved using the finite difference method (FDM) in 
the software WAVE2D (Hildyard et al., 1995). The model used is a two-dimensional (2D) 
model with plane wave boundaries, which approximates a one-dimensional (1D) model. The 
model has boundaries of 384 m and 166.4 m, with a square finite difference mesh with 
0.08 m edge lengths, chosen in order to allow transmission of high frequency waves given the 


Plane Wave Boundary 
Finite Difference Mesh 


Response Point § 


166.4 m 
Abosrbing Boundary 


Source Fractures 


Abosrbing Boundary 


| 384 m | 


Figure 2. FDM Model showing finite difference mesh. Mesh fills entire model. Not to scale. 
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velocity of the materials (Table 1). A unit velocity source is applied to the left-hand boundary 
of the model, which propagates from left to right, with the response recorded close to the right 
hand boundary. The model is shown in Figure 2 with the source and its frequency content 
shown in Figures 3a and b, respectively. The wave shown in Figure 3 is used as it generates 
a wide frequency band. 
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Figure 3. Source used in models. (a) velocity-time series, (b) frequency content. 


Table 1 shows the material properties used throughout this study, which are those of 
a sandstone with a high strength. The selection of this material is arbitrary, although it was 
previously modelled by Holmes et al. (2022). No damping is applied in any of the models, in 
order to isolate the effect of the fractures on the transmission of stress waves. 


Table 1. Model properties used for fractures and intact 


blocks. 

Fracture Stiffness (kn) 1 GPa/m 
Fracture Spacing (s) 2m 

Intact Material P-Wave Velocity (Cp) 3328 m/s 
Intact Material S-Wave Velocity (Cs) 1922 m/s 
Intact Material Density (p) 2600 kg/m? 


Fractures are shown in the model in Figure 2, although not all models in this study explicitly 
model fractures. Fractured materials can be modelled in a number of different ways, which tend 
to be split into the discrete representation of fractures and equivalent material methods. Parastati- 
dis (2019) used three different methods, which can be split into these general areas, as shown by 
Figure 4. Using the FDM, fractures were represented as special elements in a discrete model, as 
described by Hildyard et al. (1995). Parastatidis (2019) also used two different equivalent material 
models. The first of the equivalent material models uses a localised equivalent material to repre- 
sent the fractures. This model applies transversely isotropic properties to the finite difference grid 
points that the fracture occupies in the discrete model. The second equivalent material model uses 
a homogenous equivalent transversely isotropic material applied to the entire model. The effect of 
the fractures are averaged over the entire model, to give an equivalent material throughout. The 
effect of fracture orientation is ignored as the model used in this study is 1D. 
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Discrete Localised Homogenous 
Fractures Equivalent Equivalent 


Transversely Isotropic Material 


Isotropic Material 


—— Discrete Fracture 


Figure 4. Material models used in analysis. 


The appropriate material properties for the different equivalent methods shown in Figure 4 
are calculated using crack density (€), which is incorporated into the stiffness matrix for the 
material (Parastatidis, 2019). Crack density is calculated as the volume of the equivalent 
material divided by the surface area of each fracture. The calculation of crack density is 
shown in equation 4, where A and B are the dimensions of the fracture surface, C is the length 
of the equivalent material and N is the number of fractures. For the homogenous equivalent 
medium, C is the length of the model, with N being the number of fractures in the entire 
model; while in the localised medium, C is the length of a single mesh element with N equal 
to one. 


c= aes (4) 
ABN 

The fractures and the plane of isotropy of the equivalent materials are orientated perpen- 
dicular to the direction of propagation of the wave which the model is excited by, as shown by 
Figure 2. Therefore, the waves will always propagate through the elements which represent 
the fractures. This allows these materials to modify the wave as it is transmitted. Velocity-time 
series are recorded in the same place in each model, which are located before and after the 
fractures. The time series are analysed using a transfer function, displayed in terms of trans- 
mission coefficients (TC). TC is calculated using equation 5. This is achieved by taking the 
Fourier transform of the input wave, before the fractures, and output wave, after the fractures 
and comparing the amplitude of the frequency components of these. If the amplitude reduces, 
then the transmission coefficient will be less than 1 and if it increases then it will be greater 
than one. A reduction in amplitude shows that not all the energy from the incident wave is 
transmitted through the fractures. 


j t 
c PP" (5) 


~ output 


3 RESULTS 


The model presented in Figure 2, with two fractures, modelled with the different equivalent 
materials presented in Figure 4, has been solved using the FDM and the results analysed using 
a transfer function. The results from this are shown in Figure 5. It is clear that there is 
a similar profile to the transfer functions given by the discrete and localised mediums, with 
similar frequencies of localised maxima. In the discrete medium these occur at 96 Hz and 843 
Hz, while in the localised medium these occur at 92 Hz and 848 Hz. These occur at very simi- 
lar frequencies to the analytical prediction of the spring resonance, occurring at 96Hz, and the 
superposition resonance, occurring at 832 Hz, from equations | to 3. This shows that the 
spring and superposition resonance mechanisms occurring in the discrete fractured model also 
occur in the localised medium, which has not previously been identified. Furthermore, the 
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similarity in the frequency of the resonances show that the methodology of defining the 
equivalent medium properties using crack density in equation 4, gives an interface with a near 
identical stiffness to the discrete fractured model. 
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Figure 5. Transfer functions of different representations of a model with two fractures. 
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Figure 6. Transfer functions of different representations of a model with ten fractures. 


No resonance effects are visible in the homogenous equivalent medium, with the transfer 
function having a transmission coefficient equal to one at all frequencies. This is the expected 
result when an elastic wave is transmitted through a continuum without damping applied, 
such as that in the model outlined in Figure 2. This will still occur despite the transversely 
isotropic material properties being applied. 

Figure 6 shows an extension of the model presented in Figure 2, with ten fractures at 
a spacing of 2 m, all with identical stiffnesses. The discrete and localised equivalent mediums 
show similar transfer functions, with localised maxima, representing the resonant frequencies, 
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occurring at similar frequencies to one another. The analytical resonances are included in this 
figure, which are shown to be at similar frequencies as the numerical data. The homogenous 
equivalent medium still shows a transmission coefficient of one at all frequencies. This is des- 
pite the increased number of fractures in the model and as such different material properties, 
as shown by equation 4, giving a different crack density. Therefore, Figure 6 shows that the 
resonance mechanisms are as relevant in a more complex model with ten fractures, as they did 
in the simplistic model with two fractures. 
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Figure 7. Time series of discrete and localised equivalent models for (a) two fractures and (b) ten 
fractures. 


The velocity-time series recorded after the fractures for the two and ten fractured models 
are shown in Figure 7. Only results for the discrete and localised material models are shown, 
as the homogenous equivalent material model does not alter the wave as it passes through. 
The time series from the homogenous equivalent material model will be identical to the input 
wave, shown in Figure 3a. In Figure 7 it is possible to identify the two resonant frequencies 
which can be seen in Figure 5. Both the discrete and localised equivalent mediums show 
a clear long period oscillation, which appears to dampen as the time series progresses. This is 
caused by the spring resonance mechanism. This dampening is not a real effect in the model 
and is in fact caused by the passage of the finite-time wave pulse which is input to the model 
(Figure 3a). This dampening effect is not so evident in Figure 7b, as the larger number of frac- 
tures will cause the wave to move slower through the model, and so spread the wave front out 
and cause the reduction in amplitude to occur at a later time. In Figure 7a, as the amplitude 
of the long period oscillation reduces, a shorter period oscillation can be identified in the data. 
This short period oscillation is caused by the superposition resonance mechanism. This, again, 
is not so evident in Figure 7b. This is because there are a lot more resonance effects occurring 
throughout the time series. The nine spring resonance peaks, are themselves very hard to iden- 
tify in the data, with superposition of these effects occurring to mask each individual resonant 
frequency. In Figure 7a, the low period oscillation in the localised equivalent material model 
appears more pronounced than that in the discrete fractured model, which is evidenced by the 
greater amplitude of the higher frequency resonant peak in the localised equivalent material in 
Figure 7. There appears to be a slight difference in period between the discrete and localised 
material models for both the two and ten fractured models. The localised material model 
seems to have a longer period in both examples shown in Figure 7. This is evidenced in 
Figure 5, with the localised material having a spring resonance of 92Hz and the discrete 
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fractured model with a spring resonance of 96Hz. Such effects are likely to occur due to 
rounding errors associated with the crack density calculation in equation 4. 


4 DISCUSSION 


Numerical models have been solved in the FDM to identify whether fractured rock mass res- 
onance mechanisms can be identified in equivalent material models. Figures 5 and 6 show that 
the spring and superposition resonance effects are undoubtedly operating within the discrete 
fractured and the localised equivalent material models. This is shown by the agreement 
between the transfer functions of these models and the analytical prediction of the resonance. 
There are minor differences identified, such as in the slight difference in the spring resonant 
frequency in Figure 5, although this is likely to be due to rounding errors associated with the 
calculation of the crack density parameter using equation 4. On the other hand, the same 
cannot be said for the equivalent medium, which does not alter the wave form as it is transmit- 
ted, shown by the transfer function with a transmission coefficient equal to one at all frequen- 
cies in Figures 5 and 6. In a non-1D model this would not be the case, as the wave would 
spread out at different speeds in different directions; therefore, causing the waveform to alter. 
Despite this, the lack of agreement in this simple 1D scenario, suggests that using an equiva- 
lent material for a higher dimensional scenario would not accurately simulate the problem 
either. 

There is a model size related effect in the homogenous equivalent material model in its cur- 
rent form, as used by Parastatidis (2019). Parastatidis (2019) used a small model, entirely 
populated by fractures, while the model used here is large with fractures only modelled in 
a small area. This was a necessary step in the models used in this study as they act to remove 
the effect of reflections form the model boundary. As the crack density calculation, shown by 
equation 5, uses the volume of the full model, a smaller model with the same number of 
cracks would have a different crack density. This could give very different material properties 
purely from a change in the boundary positions. Clearly the homogenous equivalent medium 
is not appropriate in its current form, requiring modification. However, even if the equivalent 
medium were applied over a more finite range, such as that which the fractures occupy, then 
resonance mechanisms are unlikely to develop. This is because the block would not act like 
a series of masses between springs, especially when the number of fractures is greater than 
two. Equally, the material velocity in this block would be lower than the material velocity 
within a block in the discrete model. This will cause the superposition resonance to occur at 
a different frequency, given by equation 3. Therefore, the use of a more localized homogenous 
medium will cause the superposition resonance to be altered. This will occur regardless of 
whether there are two fractures or multiple fractures. 

The implications of this work is that, even when the wavelength of the transmitted wave is 
much longer than the fracture spacing, homogenous equivalent materials will not accurately 
represent the seismic response of a fractured medium. Therefore, for application to train 
vibrations in fractured rock masses, it is necessary to use a model that simulates fractures 
either discretely or by using a localized equivalent medium, in order to give accurate predic- 
tions of vibrations. A more accurate prediction will give a better indication of the likely mag- 
nitude of vibrations at a receiver allowing appropriate mitigation measures to be 
implemented. 


5 CONCLUSION 


Vibrations from railway lines are common in the modern built environment and can have con- 
sequences for the use of buildings and the health of residents. Mitigation of such vibrations 
reduces their impact. Accurate prediction of the vibrations incident upon a receiver allows 
appropriate mitigation measures to be designed. This study has analysed the fractured rock 
mass resonance effects of spring and superposition resonance using equivalent material 
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models. This was achieved using a numerical model solved using the finite difference method. 
Fractures have been modelled discretely, using special elements within the finite difference 
mesh, as well as by using localized equivalent materials and homogenous equivalent materials. 
Transfer functions have been derived which show how the amplitude of different frequencies 
of waves transmitted through the model change. The homogenous equivalent material is 
shown to have a transmission coefficient equal to one at all frequencies; therefore, removing 
all resonance effects from the fractured rock mass. However, the discrete and localised equiva- 
lent materials show resonances within the transfer functions that closely match the predicted 
frequencies from the analytical equations for the spring and superposition resonance effects. 
There are minor differences between the frequencies of the resonances in these cases, although 
these are identified as being caused by rounding errors in the crack density calculation, which 
is used to generate the material properties for the equivalent materials. Therefore, a localised 
equivalent material model has been shown to match closely with the response of a discrete 
fracture model, which gives scope to use more diverse models to predict such vibrations. 
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ABSTRACT: Recently, tunnelling projects using the Tunnel Boring Machine (TBM) 
have been increased in South Korea. As for the Earth Pressure Balance (EPB) shield 
TBM, functional additives such as foam or polymer are sprayed and mixed with exca- 
vated soil. Conditioned soils by additives show improved flowability and workability, 
and thus can provide cutter wear reduction, face stability, material hauling facilitation, 
and other excavation efficiencies. In this study, rheological characteristics related to 
workability were examined for additive-conditioned soils. An artificially fabricated sandy 
soil was prepared by mixing silica sand 70% and illite 30%. Two types of additives, 
foam and polymer, were considered. Rheological characteristics were evaluated by per- 
forming the laboratory pressurized vane shear tests varying the Foam Injection Ratio 
(FIR) and the Polymer Injection Ratio (PIR). The vane torque, peak strength, and yield 
stress decreased as FIR increased or PIR decreased. 


1 INTRODUCTION 


With increasing demand for long tunnels and safety construction of underground spaces in 
urban areas, the mechanized tunnel construction method has attracted worldwide attention. 
Among mechanized tunnelling tools, the Earth Pressure Balance (EPB) shield Tunnel 
Boring Machine (TBM) is highly competitive because it has advantages of less burdens of 
site selection and facilitating excavated soil treatment. The EPB shield TBM is generally 
affected by the maintenance of the pressure on the excavated face and appropriate to clayey 
ground. However, it is possible to expand the applicable ground range by improving the 
properties of the excavated soil with additives. This is called Soil Conditioning, and foam 
and polymer are the most representative additives in practice. Soil conditioning can have 
a variety of effects, such as maintaining face pressure, reducing shear strength, minimizing 
cutter abrasion, and improving workability (Peila et al., 2007; Avunduk et al., 2021; Hu 
et al., 2021). Therefore, the characteristics of the conditioned soils should be suitably identi- 
fied at the design stage. 

The slump test is a simple method of evaluating the workability of conditioned soils. 
EFNARC (2005) suggests that the slump value of a conditioned soil for the optimal workability 
is 100-200 mm. However, the slump test is conducted at atmospheric pressure unlike the pres- 
surized state in the TBM chamber, and the test results can be varied depending on laboratory 
conditions. To overcome this problem, numerous studies have been conducted to evaluate the 
rheological properties of conditioned soils through various types of the rheometer. The vane- 
shaped rheometer has been adopted most actively, which considers the viscosity, yield stress, 
and shear strength according to the injection of additives. Besides the vane-shaped rheometer, 
the spherical and auger type rheometers were devised to examine foam-conditioned soils. 
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In this paper, the slumps test and laboratory pressurized vane shear tests were conducted on 
an artificially fabricated sandy soil to evaluate the rheological properties according to the foam 
and polymer injection conditions. The workability according to the additive injection was evalu- 
ated through the slump test. With the preliminary information obtained from the slump test, 
rheological properties (i.e., shear stress, apparent viscosity, and thixotropic area) of the condi- 
tioned soil were evaluated using the laboratory pressurized vane shear test equipment. 


2 ADDITIVES AND RHEOLOGICAL PROPERTIES 


2.1 Additive injection parameters 


Foam is one of the most economical additives, composed of water, air, and foaming agent. 
The foaming agent can fluidize soil by reducing the surface tension and causing electrostatic 
repulsion to separate the soil particles from each other (Langmaack, 2000). In addition, it can 
change significantly the mechanical and rheological properties of excavated soil by reducing 
the internal friction angle, securing plastic fluidity and workability, decreasing permeability, 
and reducing TBM cutter wear by lubrication (Quebaud et al., 1998). Therefore, proper foam 
injection in EPB shield TBM construction is essential in securing construction stability by 
reducing TBM equipment load and construction risk. There are three injection parameters for 
foam injection: Foam Injection Ratio (FIR), Foam Expansion Ratio (FER), and Concentra- 
tion of foam agent (Cy), as expressed in Eq. 1 to Eq. 3. 


V; Vy + Va 
FIR = -£ x 100 = £7 x 100 (1) 

Ve Vy+tVa 
rep- -Wte (2) 

Vir Vir 

V, V, 
C = x 100= -+ x 100 3 
IO VE Vy Vy (3) 


where Vy is the volume of expanded foam (m3), Ves is the soil volume (m°), Vir is the volume 
of aqueous foam solution (m°), V, is the air volume (m°), V, is the volume of foaming agent 
(m°), and V,, means the water volume (m°). 

The additive polymer is composed of water and polymer stock solution. Polymer, unlike 
foam, does not require a generator. Polymer maintains uniform pressure in the chamber and 
prevents the collapse of the excavated face. It increases the stability of foam and reduces the 
permeability of excavated soils. In addition, polymer absorbs and retains water under the appli- 
cation of external force. There are two injection parameters for polymer injection: Polymer 
Injection Ratio (PIR), Concentration of polymer agent (Cp), as expressed in Eq. 4 to Eq. 5. 


V 
PIR = x 100(%) (4) 
V, V 
Cp = —#— x 100(%) = — x 100(% 5 
a ese (%) V,* (%) (5) 


where Vp is the volume of aqueous polymer solution (m°), V, is the volume of polymer stock 
solution (m°). 


2.2 Rheological properties 
Soil conditioning can enhance the workability of excavated soils by plastic fluidization 


between soil particles and liquid, which creates uniform pressure on the excavated face and 
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enables continuous muck discharge through the screw conveyor. The slump test is usually per- 
formed to evaluate the workability of the conditioned excavated soil. 

Shear stress of the conditioned soils is evaluated by drawing a rheogram from the raw 
torque data obtained from the vane shear test. Thereafter, the peak strength and yield stress 
can be calculated. The rheogram shows the relationship between the shear rate and shear 
stress, which are the rheological variables (refer to Eq. 6 and Eq. 7). It is assumed in this 
experiment that the shape of the shearing surface is the same as the vane configuration, and 
the shear stress is uniformly applied to the outer shearing surface (Karmakar et al., 2007), and 
the vane rotates cylindrically with no upper or lower boundary (Meng et al., 2011). 


2T, 
pE o (6) 
aD, (# +4) 
4nD,? 
y= — o vane > 7 
”* 60(D2 — D,)” (o 


where 7 is the shear stress (Pa), Tm is the measured torque value (N - m), D, is the vane diam- 
eter (m), H, is the vane height (m), and » is the shear rate (1/s), De is the chamber inner diam- 
eter (m), and @ygne is the vane rotation speed (rpm). 

In fluid mechanics, the apparent viscosity is the value obtained by dividing the shear stress 
applied to the fluid by the shear rate as shown in Eq. 8. The excavated soil conditioned by 
additives behaves like a non-Newtonian fluid, in which the relationship between the shear 
stress and shear rate is non-linear (Meng et al., 2011, Lee et al., 2022). Accordingly, the flow 
properties of the excavated soil should be identified by selecting an appropriate non- 
Newtonian fluid model. In this study, the apparent viscosity was obtained by assuming that 
the Bingham plastic model is applicable to the conditioned excavated soil. 


t= ty + uý (|t| > ty) 
{ y = 0(|t| < ty) 4 


where t is the shear stress (Pa), ty is the yield stress (Pa), u is the apparent viscosity, y is the 
shear rate (1/s). 

In the flow curve, the upward direction means an increase in the shear rate, and vice versa. 
The thixotropic area serves as an index indicating the degree of structural breakdown of a soil 
matrix in proportion to the amount of applied energy. 


3 EVALUATING RHEOLOGICAL PROPERTIES OF CONDITIONED SOIL 


3.1 Soil condition 


For the slump tests and laboratory pressurized vane shear tests, an artificially fabricated sandy 
soil was prepared in composition of 30% illite and 70% silica sand, which is classified as SM by 
the Unified Soil Classification System (USCS). The gradation curve for the specimen is shown 
in Figure 1. This artificial sandy soil is involved in the applicable ground condition for the EPB 
shield TBM proposed by Maidl (1995). The target unit weight of soil specimens is 1.8¢/m?. 


3.2 Additives 


In this study, foam and polymer were considered as additives. Shin (2020) proposed the suit- 
able foam injection parameters as FIR of 30-60%, FER of 5-30, and Cy of 0.5-5%. Considering 
the slump value range for the optimum workability (i.e.,100-200 mm), all experimental pro- 
grams was conducted for the conditioned conditions: 30% to 60% of FIR, 15% of FER, and 
3% of Cy. Merritt et al. (2003) suggested an appropriate PIR in the range of 20%, and the C, 
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Figure 1. Particle size distribution of artificially fabricated sandy soil. 


was selected in the range of 0.1 to 0.4% according to the manufacturer’s recommendation. 
After the target form injection parameters (FIR, FER, and Cy) was obtained by the foam gen- 
erator, the foam is injected into the sandy soil specimen. On the other hand, the polymer was 
mixed with water corresponding to the target PIR and C,, and then stirred in a small mixer 
for 10 minutes before injected. Finally, the artificial sandy soil conditioned with the additives 
was stirred by a hand mixer at a uniform speed for 2 minutes. 


3.3 Slump test 


The workability according to the additive injection was evaluated through the slump test for 
the selected cases. The slump test was conducted according to ASTM C143 (2020), and the 
experimental cases and results are summarized in Table 1. 


Table 1. Slump test cases and results. 


Gravimetric Foam injec- Polymer injec- Concentration of Slump 
Case water content, tion ratio, tion ratio, PIR polymer agent, Cp Value 
number w [%] FIR [%] [%] (%) (mm) Note 
F1 16 30 0 0 10.4 
F2 16 40 0 0 15 
F3 16 50 0 0 17.5 Effect of FIR 
F4 16 60 0 0 21.1 
P1 16 40 5 0.2 12 
P2 16 40 10 0.2 12 Effect of 
P3 16 40 15 0.2 4.2 Foam and 
P4 16 40 20 0.2 2.8 Polymer 


According to the results of the slump test on the foam conditionings, the slump value 
increased as the FIR increased. Except for FIR 60%, all the specimens satisfied the slump range 
for the optimum workability. Moreover, the most suitable condition was obtained at the FIR of 
40%, at which the effect of polymer conditioning was examined. When polymer was additionally 
injected to the given foam injection condition, the slump value decreased as the PIR increased. 


3.4 Laboratory pressurized vane shear test 


In this paper, the rheological properties of conditioned soils were evaluated using the laboratory 
pressurized vane shear test apparatus developed by Lee (2021). The laboratory pressurized vane 
shear test apparatus is manufactured to pressurize the soil specimen inside the chamber, in which 
the rheometer with a rotating vane apply shear on the soil specimen. In addition, the apparatus is 
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equipped with a torque sensor that reads the torque generated as the vane rotates. Two pressure 
sensors are installed to measure the pressure inside the chamber. According to ASTM D 4648 
(2016), the vane consists of four blades with a diameter-to-height ratio of 1:2 (with the height of 
100mm and the diameter of 50mm). The torque value can be checked in real-time according to the 
test progress. The apparatus adopted in the laboratory pressurized vane shear test is shown in 
Figure 2. 


Operation Panel 
‘jg 


350mm 
ene 
j 200mm 
(a) Photograph of apparatus (b) Detailed chamber dimension and constituents 


Figure 2. Laboratory pressurized vane shear test apparatus. 


To calculate the thixotropic area from the flow curve, the rotational speed of the vane was 
varied in the order of 1/60, 1/30, 1/15, 1/10, 1/5, 1/3, 1/2, and 3/4 rpm. Each rotation speed was 
maintained for 30 seconds before increasing it to the next step. After testing at 3/4 rpm, the 
rotational speed was reduced backwards to the final speed of 1/60 rpm. According to ASTM 
D 4648 (2016), the vane rotation results in full shearing the soil specimen within 2~3 minutes, 
so the change in the rotation speed consists of 15 steps including the increasing and decreasing 
directions. In the laboratory pressurized vane shear test, the confining pressure of 200 kPa 
was applied to simulate the operation of a TBM at a depth of 20 m. 


4 ANALYSIS OF RHEOLOGICAL CHARACTERISTICS OF CONDITIONED SOIL 


4.1 Effect of foam 


The laboratory pressurized vane shear test was conducted for the cases from F1 to F4 to examine 
the effect of FIR on the rheological properties of conditioned soils. The torque data over time is 
compared in Figure 3, in which the higher FIR induced the smaller torque as surely expected. 

Figure 4 shows the rheological properties for the conditioned soils for the different FIR 
values. As the FIR increased, the peak strength, yield stress, apparent viscosity, and thixo- 
tropic area decreased. From the FIR of 40%, the decreasing rates in the peak strength, yield 
stress, and thixotropy area were significantly reduced. This indicates that the condition of FIR 
40% is the most suitable foam conditioning state. 


4.2 Effect of polymer 


The laboratory pressurized vane shear test was conducted for the cases from P1 to P4 to exam- 
ine the effect of PIR on the rheological properties. The torque data over time is compared in 
Figure 5, in which the higher PIR resulted in the larger torque values. 
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Figure 3. Torque results according to FIR. 
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Figure 6 shows the rheological properties for the conditioned soils for the different PIR 
values. As the PIR increased, the peak strength, yield stress, apparent viscosity, and thixo- 
tropic area increased. From the PIR of 10%, the increasing rates in the peak strength, yield 
stress, and thixotropy area were significantly reduced. This indicates that the condition of PIR 
10% is the most suitable polymer conditioning state. 
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Figure 4. Rheological properties according to FIR. 
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Figure 5. Torque results according to PIR. 
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Figure 6. Rheological properties according to PIR. 


5 CONCLUSIONS 


In this paper, the rheological properties of an artificially fabricated sandy soil according to the 
injection of additives were evaluated using the laboratory pressurized vane shear test appar- 
atus. The conditioned soil specimen was assumed to behave similar to the Bingham plasticity 
model. The workability of the conditioned soils was evaluated by the slump test, which was 
used as preliminary information for the laboratory pressurized vane shear test. From the test 
program, the flow curve, peak strength, yield stress, apparent viscosity, and thixotropic area 
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were estimated and compared. When only the foam was applied, the slump value increased as 
the foam injection ratio (FIR) increased. When the polymer was additionally applied at the 
FIR of 40%, the slump value tended to decrease as the polymer injection ratio (PIR) increased. 
In the laboratory pressurized vane shear test, as the FIR increased, the peak strength, yield 
stress, apparent viscosity, and thixotropic area decreased. From the FIR of 40%, the decreas- 
ing rates in the peak strength, yield stress, and thixotropy area were significantly reduced. 
When the polymer was additionally applied at the FIR of 40%, as the PIR increased, the peak 
strength, yield stress, apparent viscosity, and thixotropic area increased. From the PIR of 
10%, the increasing rates in the peak strength, yield stress, and thixotropy area were signifi- 
cantly reduced. For the artificial sandy soil conditioned by the foam and polymer in this 
study, the optimum FIR and PIR seem to be 40% and 10%, respectively. 
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ABSTRACT: Itis crucial to predict hazardous ground conditions ahead of a Tunnel Boring 
Machines (TBMs) for stable tunnel construction. In this study, a laboratory chamber test was 
conducted to simulate the electrical resistivity and Induced Polarization (IP) surveys during 
the TBM advancement toward risky ground conditions in a soil chamber. In addition, risky 
geological conditions (i.e., the typical zones of fault, geologic transition, and embedded core- 
stone) possibly encountered during tunnel excavation were modeled in the soil chamber. The 
electrical resistivity and chargeability were simultaneously measured at the tunnel face of the 
model during tunnel excavation. The guideline on accurately predicting various hazardous 
conditions was proposed by analyzing the variations in resistivity and chargeability measure- 
ments during TBM advancement in the experiment. In conclusion, a hybrid method simultan- 
eously implementing the electrical resistivity and the induced polarization surveys can predict 
hazardous ground conditions ahead of a tunnel, which enables efficient and stable tunnel 
excavation by minimizing potential risk in advance. 


1 INTRODUCTION 


Due to steeply rising population density in urban areas, Underground infrastructures have 
been constructed continuously over recent years (Sharafat et al., 2021). The underground con- 
struction has usually been performed using conventional excavation or mechanized excavation 
methods. Mechanized excavation methods are considered more suitable for tunnel excavation 
in urban areas owing to their less noise and vibration using tunnel boring machines (TBMs). 

However, unexpected hazardous ground conditions can be encountered during TBM tunnel- 
ing, which can significantly delay tunnel construction and endanger construction safety, such as 
water ingress into the tunnel, ground settlement, etc. (Rafie et al., 2015, Bai et al., 2021). The 
hazardous ground conditions include the existence of a fault, geological transition, and embed- 
ded core-stone (Shang et al., 2004, Farrokh and Rostami, 2009, Gong et al., 2016, Bayati and 
Hamidi, 2017). Therefore, it is of vital importance for accurate prediction of unforeseen hazard- 
ous ground conditions for stable and efficient tunnel construction. 

Before TBM tunneling, a geotechnical investigation should be conducted to design a TBM 
tunnel project and predict potential risks during tunnel construction. Nevertheless, it is difficult 
to accurately predict the hazardous conditions in front of a tunnel face since the geotechnical 
investigation roughly estimate the overall geological profiles along the tunnel routes. Therefore, 
the reliable prediction methods in front of a tunnel face is vitally imperative to safely and effi- 
ciently construct the TBM tunnel. 

In recent studies, a hybrid method that combines electrical resistivity and induced polariza- 
tion (IP) surveys was developed to predict the risky ground conditions ahead of a tunnel face, 
owing to its economic cost and simplicity of the measured data processing. In particular, a lab- 
scale experimental approach was conducted to predict risky ground conditions (e.g., fault zone, 
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seawater bearing zone, soil-to-rock transition zone, and mixed ground zone) by analyzing elec- 
trical resistivity and IP measurements (Park et al., 2018). However, the experimental study does 
not consider the ground formation around the tunnel, which can significantly affect the elec- 
trical resistivity and IP data (Kang et al., 2022). 

Thus, this study conducted a series of laboratory experiments by simulating the hybrid method 
combining the electrical resistivity and IP surveys to predict typical zones of fault, geologic tran- 
sition, and embedded core-stone. Notably, the TBM advancement towards hazardous ground 
conditions was successfully simulated by using a lab-scale TBM model inside a soil chamber. In 
order to simulate the ground formations around the TBM tunnel, rock blocks were stacked up; 
thereby, the risky ground conditions were modeled around the TBM model inside the soil cham- 
ber. The trends of the electrical resistivity and chargeability measurements were analyzed during 
the TBM model advancement toward the hazardous geological conditions. 


2 THEORY 


2.1 Electrical resistivity survey 


Electrical resistivity is a material property that measures the strength of resistance against elec- 
trical current flow. The electrical resistivity of the saturated ground can be varied by the elec- 
trical conductivity of pore water, the electrical conductivity (inverse of electrical resistivity) of 
soil particles, and the soil porosity, as shown in Equation (1) (Santamaria et al., 2001): 


pop + noe + (1 ~ n) P hansa (1) 


where ø, is the electrical conductivity of soil particles, n is the porosity, ce; is the electrical 
conductivity of pore water, r, is the unit weight of soil particles, g is the gravitational acceler- 
ation, Aqa is the electrical conductivity of soil surfaces, and S, is the specific area of soil particles. 
In addition, the electrical resistivity of the saturated rock can be expressed using Equation (2) 
(Archie 1942). 


Prock = Pw’ n’ (2) 


where p,ock is the electrical resistivity of a saturated rock, p,, is the electrical resistivity of the 
pore water and @ is the shape factor that generally ranges from 1.3 to 2.5. The electrical resist- 
ivity of a saturated rock decreases as the rock has a high porosity. 

There are several electrode array methods with distinctive properties such as the signal ampli- 
tude, depth of investigation, and resolution (e.g., pole—pole array, dipole-dipole array, Wenner 
array, and Schlumberger array). In this study, the Wenner array was adopted to predict the 
risky ground conditions ahead of a tunnel face owing to its high signal amplitude and vertical 
solution, as shown in Figure 1. 


Risky ground condition 7“ 5: 
7 ‘urrent flow line 


@ TBM 


Figure 1. Electrical resistivity survey on a tunnel face using the Wenner array. 
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2.2 Time-domain IP survey 


The IP survey can be performed simultaneously with an electrical resistivity survey using the 
Wenner electrode array. After the injected electric current is switched off, the voltage between 
the two potential electrodes gradually decreases because the electric charge can temporarily 
accumulate inside the ground. In the time-domain method, the voltage decay can be measured 
to estimate the chargeability (m) representing the IP effect. The voltage decay (V(t)) between 
time intervals (tı to t2) was observed during the measurement (refer to Figure 2). The charge- 
ability (m) of the ground formation could be computed using Equation (3) 


1 pe 


m= 
Vo ty 


V(t)dt (3) 
where Vo is the voltage while current is supplied into the ground. 


Voltage (V) 


ON Current OFF 


Time (t) 


tı ti 
Figure 2. Voltage decay curve to measure chargeability. 


Fridrikhsberg and Sidorova (1961) represented the equation of the chargeability of rock 
and soil formations, as shown in Equation (4). 


4A 
h i S> Sı (4) 
Stas) LER 


where S, and S, are the cross-sectional areas of narrow and large pores, respectively, a is the 
coefficient of efficiency of narrow pores depending on the surface conductivity of the soil par- 
ticles, At is the difference in the transference number between narrow and large pores, /; and h 
are the lengths of narrow and large pores, respectively. 

The chargeability equation was simplified by assuming that circular soil particles of identi- 
cal size are densely packed, as represented in Equation (5) (Park et al., 2017). 


aG) 


a4i(241)+1 


X-T 


m= 


m= 


(5) 


where r; and r are the radius of narrow and large pores, respectively, and ô is the thickness of 
the electrical double layer, which is inversely proportional to the square root of pore water 
concentration (Co). In addition, Park et al. (2017) conducted a sensitivity analysis to analyze 
the influencing factors of the chargeability utilizing the Equation (6). It is concluded that the 
radius of the narrow pore (r;) and pore water concentration (Cp) principally influence the 
chargeability values. As the narrow pore radius decreased, a higher number of cations accu- 
mulated in the pore throat, which caused an increase in the chargeability. Also, when the pore 
water concentration decreases, the electrical double layer becomes thicker which increases the 
chargeability. On the contrary, radius of large pores and the surface conductivity of the soil 
particles had negligible influence on the chargeability. 


287 


3 LABORATORY EXPERIMENTS 


3.1 Experimental setup 


The experiment apparatus composes a TBM model, soil chamber, electrodes, and PC. The poly- 
carbonate chamber of 500 mm in length, 200 mm in width, and 500 mm in height was manufac- 
tured to simulate ground formations with risky ground conditions. The TBM model had a length 
in 100 mm, width in 100 mm, and height in 250 mm to simulate the tunnel excavation towards 
risky ground conditions in the soil chamber. The four red copper electrodes of 3 mm in radius 
were wrapped with mono-cast nylon to supply electrical current only into the ground formations. 

A laboratory experiment was conducted to measure the electrical resistivity and chargeabil- 
ity with the aid of Supersting R8 (Advanced Geosciences, Inc.) during the advancement of the 
TBM model in a soil chamber (refer to Figure 3). The movement of the TBM model was 
arranged to approximately resemble the electrical resistivity and IP surveys on a TBM tunnel 
face during TBM tunneling, as shown in Figures | and 3. 


«Sl chamber 
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Soil or rock Supersting R&/IP 
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E IEE | T ee | ] 
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50 cm Risky ground condition 
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Figure 3. Schematics of the experiment apparatus. 


In order to estimate the effect of risky ground conditions on electrical properties during the 
TBM advancement, typical soil and rock specimens (e.g., granite, weathered granite soil and 
gravel) were prepared to simulate ground formations with geological risks. The specimens 
were saturated with tap water for 24 hours. The tap water had an electrical resistivity of 30.25 
Q-m and a salinity of 0.4%o at temperatures of 9 °C. The electrical and mechanical properties 
applied in the experiments were measured and are represented in Table 1. 


Table 1. Rock and soil specimen properties. 


Type Property Value 
Water content [%] 3.03 
Coefficient of uniformity (C,,) 0.6696 
Coefficient of curvature (C,) 0.8673 
Gravel Dry unit weight (rg) [KN/m°] 14.396 
Soil type (USCS) GP 
Electrical resistivity (p) [Q - m] 119.665 
Chargeability (m) [ms] 0.0317 
Water content [%] 22.42 
Coefficient of uniformity (C,,) 0.7382 
Coefficient of curvature (C,) 1.0897 
Weathered granite soil Dry unit weight (rg) [kN/m’] 13.812 
Soil type (USCS) SP 
Electrical resistivity (p) [Q - m] 133.34 
Chargeability (m) [ms] 0.6701 
Dry unit weight (rg) [kN/m] 25.064 
Granite Electrical resistivity (p) [Q - m] 303.89 
Chargeability (m) [ms] 22.484 
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3.2 Experimental cases 


Unexpected risky ground conditions can endanger construction stability, thereby increasing 
construction downtime. In this study, typical zones of fault, geological transition, and 
embedded core stones are simulated in the soil chamber, significantly threatening construc- 
tion safety. Three cases of hazardous ground conditions were simulated in the soil chamber 
using the specimens such as granite, gravel, and weathered granite soil, as shown in 
Figure 4. 

Owing to the shear failure in the rocky ground, fault zones ahead of a tunnel face can be 
encountered during TBM advancement. Unforeseen fault zones can induce ground settlement 
and water ingress into the tunnel; thereby, decreasing the construction efficiency and safety. 
Therefore, it is crucial to accurately predict fault zones and conduct grouting in advance. In 
the experiments, the fault zone was modeled by arranging gravel, or weathered granite soil as 
gouges between granite, as represented in Figure 4(a). 

Embedded core stones in the soil formations cause cutter head blocking and shield jamming, 
resulting in TBM jamming along the TBM tunnel alignment. Hunt and Nero (2017) reported 
that when the sizes of the core stones are more than 30% of the diameter of the TBM, the risk 
level significantly increases. In addition, it is essential to minimize the potential risks caused by 
core stones when the content ratio of core stones is greater than 10% (Hunt and Nero, 2017). 
Therefore, core stones were modeled using granite blocks with a size of 30% of the TBM model 
length (i.e., 30mm), as shown in Figure 4(b). Furthermore, the core stone content ratios were 
set to 15%, 30%, and 45% in the experiments. 

Predicting geological transitions ahead of a tunnel face is essential to increase construc- 
tion efficiency and safety. An accurate prediction of the soil-to-rock transition zone can pre- 
vent excessive uneven wear of cutters around rocky ground which can induce frequent 
cutterhead intervention. In addition, predicting the rock-to-soil transition zones can increase 
the penetration rate by adopting appropriate additives for soil conditioning. In this study, 
the geological transition was artificially simulated by arranging soil (e.g., gravel and wea- 
thered granite soil) and rock formations (e.g., granite) in the upper and lower layers, as 
shown in Figures 4(c) and (d). 
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Figure 4. Simulation of the risky ground conditions. 
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3.3 Experimental result 


To investigate the effect of the faults on electrical properties, the electrical resistivity and char- 
geability were measured during the TBM model advancement towards the synthetic fault 
zone. The measurements in the granite formation corresponding to the advancement of the 
TBM model were represented in Figure 5(a) and 5(b), considering 2 gouge substances in the 
fault. The distance of the fault zone from the TBM model (L) was normalized by the width of 
the TBM model (D) to represent the experimental results. The electrical resistivity became 
smaller when the TBM model approach the fault zone, due to the minor porosity of the 
gouges compared to the granite formations. The decrease in electrical resistivity values was 
more significant when the difference in the electrical resistivity between the soil and rock for- 
mation was more substantial (refer to Figure 5(a)). However, the trends of the chargeability 
measurement during the TBM model advancement were relatively constant except for the dra- 
matic reductions in contact with the fault zone (i.e., L/D=0), as shown in Figure 5(b). It is 
concluded that when the electrical resistivity values decline and chargeability values are 
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Figure 5. Measured resistivity and chargeability as the TBM model approaches the risky ground 
conditions. 
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relatively constant during tunnel excavation, TBM operators are able to predict the fault 
zones ahead of a tunnel face. 

The effect of embedded core stones on electrical resistivity and chargeability was estimated 
by measuring the electrical resistivity and chargeability during the TBM model advancement 
in soil formations. The measured data obtained from the experiments were compared with the 
different core-stone content ratios (e.g., 15%, 30%, and 45%), as shown in Figure 5(c) and (d). 
As the TBM model approached the embedded core stones, the electrical resistivity and charge- 
ability data corresponding to L/D increased simultaneously. An increase in electrical resistivity 
and chargeability values was substantial with the more extensive content ratios of the core 
stones. Note that core stones embedded in the soil formations can be suspected when the elec- 
trical resistivity and chargeability continuously increase during the TBM advance. 

In order to investigate the effect of geological transition on the electrical resistivity and IP, the 
electrical resistivity and chargeability were measured during the TBM model advancement toward 
a geological transition zone. A series of experiments were performed in 2 different cases (i.e., soil- 
to-rock transitions and rock-to-soil transitions), changing the substances of the soil and rock for- 
mations. An increase in electrical resistivity occurred during the TBM model advancement toward 
the soil-to-rock transition due to the smaller porosity in the rock formations compared to that of 
the rock formations (refer to Equation (2)), as shown in Figure 5(e). On the contrary, the rock-to- 
soil transition represented an opposite tendency (refer to Figure 5(g)). When the difference in the 
electrical resistivity between the rock and soil formations was more significant, the increasing and 
decreasing trends of the electrical resistivity data became far more substantial. As shown in 
Figure 5(f), the chargeability values corresponding to L/D continuously increased in the soil-to- 
rock transition case owing to the higher chargeability values of the rock formations compared to 
those of the soil formations. However, in case of the rock-to-soil transition, the trends of the char- 
geability data corresponding to L/D were almost constant, except for the drastic decrease in 
contact with the soil formations (i.e., L/D=0), as shown in Figure 5(h). 


4 CONCLUSION 


In this study, a series of experiments was conducted to simulate electrical resistivity and IP sur- 
veys for the prediction of hazardous ground conditions ahead of a tunnel face. Typical zones 
of fault, geological transitions, and embedded core stones were artificially simulated in the soil 
chamber. The TBM tunnelling was simulated by adopting a TBM model inside the soil cham- 
ber. The electrical resistivity and chargeability measurements during the model advancement 
were analyzed to investigate the effect of each risky condition. 

An experiment to predict the fault was conducted by analyzing the trends of electrical resist- 
ivity and chargeability data during the TBM model advancement. A decline in electrical resist- 
ivity occurred when the TBM model approached the fault zone. However, the trends of the 
chargeability values corresponding to L/D were relatively constant. 

As the TBM model approached the core stones embedded in soil formations, the electrical 
resistivity and chargeability values increased simultaneously. This trend in the measured data 
was more significant when the content ratios of the core stones became larger. 

A decrease and an increase in electrical resistivity values were represented when advancing 
a rock-to-soil transition and the soil-to-rock transition, respectively. Nevertheless, in the case 
of rock-to-soil transition, the chargeability data corresponding to L/D were relatively con- 
stant. On the contrary, the chargeability values gradually increased when the TBM model 
advanced toward the soil-to-rock transition zone. 
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ABSTRACT: It is often the case that portal areas are subject to slope instability phe- 
nomena related, amongst other factors, to the poor-quality ground conditions, where 
soil or weathered rock material is present. This weathering is more prominent in specific 
geological settings. In this paper gneissic formations in a setting where weathering is 
favoured are studied. Information on several gneissic rock mass types and their potential 
behaviour in slopes is used to propose a set of guidelines regarding slope geometry 
focusing on benching for different slope heights and angles. Slope stability analyses were 
conducted for multiple scenarios per rock mass type. It was observed that for moder- 
ately weathered rock masses, steeper slopes (<3:1) are satisfactory, whereas for weathered 
types, gentler slopes (~2:1) are suggested, depending on the maximum height of the 
slope. Through a site-specific study the complexity of gneissic systems and the effect of 
the weathered zone to stability was highlighted. 


1 INTRODUCTION 


Tunnel portals, forming the inlets and outlets of tunnels, represent critical areas in tunnel con- 
struction, as their design must ensure stability both during and after construction. Portal 
areas are often associated with slope instability phenomena, which are commonly linked to 
the poor ground and exposure to surface conditions which commonly leads to cost overruns 
and project delivery delays (Paraskevopoulou and Benardos, 2012; 2013 and Paraskevopoulou 
and Boutsis, 2020). 

Currently there is no unified approach for the design of tunnels or tunnel portals, 
and this is usually dealt with in a case-by-case approach or may follow national and 
regional suggestions. This may be enabled through linking the slope design and spe- 
cific rock mass conditions. In this paper an attempt is made to provide a set of sug- 
gestions regarding the design of tunnel portal slopes with respect to geotechnical 
stability by dealing with parametric and slope stability analyses for specific rock mass 
conditions. More specifically, the study is oriented towards linking distinct rock mass 
types, their quality and consequent behaviour to the optimum slope configuration in 
terms of the maximum slope height and slope inclinations for a few benching scen- 
arios. The study is solely focused on gneissic formations in a tectonically disturbed 
and weathered setting. Through a site-specific case, the effect of the weathered zone to 
the overall slope stability is addressed, as it is often the case that slope failures are 
driven within that zone. 
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2 ENGINEERING GEOLOGICAL SETTING 


Gneissic formations, although generally forming competent rock masses, may form poor to 
very poor-quality rock masses in specific geological settings of intense tectonic disturbance. 
Figure 1 shows such an environment in Northern Greece, characterised by three deformation 
phases (Mountrakis, 2010). In this setting, weathering is favoured, and weak rock masses of 
gneiss have been formed. 


SERBOMACEDONIAN ophioiites RHODOPE 
deformation y, 1 i deformation 
Dgpp -Cretaceous oe Dra 
De -Eocene to E. Oli- 4 : S Eocene to Miocene 
gocene shear zones <i i 
`. bride Teworking ` 
of detachment zone: 


~35 Ma 
cooling age * 


S; 


; SRB — 
Ouranoupolis / Sithonia xa c later opposite 
Middle-Late Cretaceous pluton sense of shear 
metamorphism 31t 2 Ma 
90 Ma) A 


Figure 1. Schematic cross section of a characteristic tectonic setting from N. Greece (Kilias et al., 1999). 


The engineering geological particularities of gneiss lie within the inherent foliation and 
banding in connection to the tectonic disturbance and the effect of weathering. 

In tectonically disturbed environments, gneissic formations may be sheared or schistosed 
leading to zones of foliated-sheared structures of a few meters, which are usually aligned with 
the orientation of the gneissic texture (Marinos, 2007). Such a setting may be characterised by 
heterogeneity and indistinct lithological boundaries. Moreover, this disturbance enables 
weathering to progress in depth, where the discontinuity network allows it. By initially affect- 
ing the surface of the discontinuities, and particularly the foliation planes, weathering further 
progresses affecting the intact rock bridges of the mass, which is broken up by frequent soil 
zones. As such, the quality and overall strength of the mass is reduced. According to Marinos 
(2007) the rock masses of gneiss that may be encountered in such an environment are categor- 
ised to eight distinct types I-VIII (Figure 2), depending on the intensity of the foliation and 
the weathering degree of the whole mass. 

For less weathered types of gneiss and schistose gneiss (types I-III) structurally controlled fail- 
ures are expected. Weathering is restricted to the discontinuity surfaces, with the intact rock 
strength being only slightly reduced. The behaviour is dependent on the orientation of the dis- 
continuities in relation to the geometry of the slope. For weathered rock mass types IV-VII, as 
weathering progresses, the dominant behaviour in slopes becomes isotropic, with circular fail- 
ures being the principal failure mode. In addition, for the weathered types V, VI and VII, there 
is potential for multi-surface failures where zones of weakness, such as shear zones, faults in 
connection to the schistosity or other planes of weakness are connected in space. 

In the study presented, weathered rock mass types IV-VII were examined. The dominant 
behaviour of those types in slopes, is isotropic, which may manifest as circular failures. Based on 
a series of data on gneiss from the construction of the vertical axis of Nymfea-Greek-Bulgarian 
Borders of the Egnatia Motorway, in Northern Greece, a geotechnical assessment was conducted. 
For the rock mass classification, the GSI classification chart specific for weathered gneissic and 
similar rock masses by Marinos (2007) was used, which considers the overall structure and the 
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Figure 2. Gneissic rock mass types (modified after Marinos and Drosos, 2010). 


weathering degree of the whole mass. The strength properties of each rock mass type were derived 
from the generalized Hoek and Brown failure criterion. The assigned rock mass parameters and 
derived strength properties are presented in Table 1. 


Table 1. Generalised Hoek & Brown parameters and derived strength per rock mass type. 

Slope 
Psi Y height ? 

Rock 

mass type GSI MPa mi MN/m? m MPa ° 
10 0.172 61 

IV 35 41 23 0.025 20 0.253 57 
30 0.321 54 
10 0.128 58 

V 25 41 23 0.025 20 0.196 54 
30 0.253 51 
10 0.075 49 

VI 20 21 15 0.025 20 0.116 44 
30 0.150 41 


The site-specific case study involved a tunnel portal slope failure in Northern Greece. 
According to Marinos and Goricki (2013) the portal area consists of gneissic schists and 
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schistose gneiss being highly-completely weathered at the surface becoming moderately wea- 
thered at depth. To perform the analysis, the cross section was simplified both in terms of the 
geometry and in terms of the units identified. The assigned properties and strength parameters 
of the three units are shown in Section 3.2. 

The groundwater conditions are considered indirectly, using pore pressure ratio (Ru) 
scenarios. For less weathered rock mass types IV and V, pore pressure ratios of 0 and 0.1 are 
considered. For weathered rock masses VI and VII, where weathering has progressed and 
affected the intact parts as well, while presence of soil zones is very frequent within the mass, 
values of 0, 0.1, 0.2 and 0.3 as a worst-case scenario were examined. For the site-specific case, 
values of Ru of 0, 0.1, 0.2 for the upper highly-completely weathered zone were considered. 


3 METHODOLOGY 


3.1 Basis of analysis 


This study deals with the design optimisation of tunnel portal slopes located in a setting of 
weathered gneissic rock masses that mainly behave isotropically. The engineering geological 
information is, therefore, principal, as it is used in order to identify where the formation, or 
rather, the quality of the examined rock mass type, demands one solution over another. 

As an initial stage, assuming a tunnel portal slope consisting of a side and a front slope, sta- 
bility of the lateral slope must be satisfied for excavation to proceed towards the prospective 
face of the portal. Therefore, the analysis focuses on the examination of such slopes, where a set 
of slope geometries and geometric parameters (slope height and inclination) are considered. 

The modelled slope geometries were categorized initially by the maximum height (H max), 
for which values of 10, 20 and 30 meters were chosen. For a maximum slope height of 10 m, 
a slope consisting of one bench with 5 m slopes between benches was examined, while for 
Hamax of 20 and 30 meters, two benching scenarios were examined as shown in Figure 3. The 
model boundaries were decided on a trial-and-error basis. In all benching combinations, 
inclinations of 3:1, 2:1 and 1:1 were tested. 


Figure 3. Sketch of slope geometries per maximum slope height for a set angle (not to scale). 
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3.2 Workflow 


The cases examined, initially divided by rock mass type, based on the engineering geological 
conditions and slope geometries are shown in Table 2. 


Table 2. Analysis scenarios examined per rock mass type and for the site-specific case. 


c ọ Hynax Slope angles Scenarios 
Rock mass type kPa 7 m 
172 61 10 
IV 253 57 20 «= Ru=0, 0.1 
321 54 30 
128 58 10 
Vv 196 54 20 3:1, 2:1, 1:1 «= Ru=0, 0.1 
253 51 30 
75 49 10 
VI 116 44 20 = Ru= 0, 0.1, 0.2, 0.3 
150 41 30 
a n 2:1-1:1i 
tes i 359 56 HL- n Rn- 
Site-specific case 00 a 30 inerements-of 4% 8° and 12° Ru= 0, 0.1 


* Strength properties derived from back-analysis by Marinos and Goricki (2013) 


Slide2 (Rocscience Inc.) was used for the analyses, considering circular failures as the princi- 
pal mode of failure. The Multiple Scenario setting was used where rock mass types IV-VI were 
examined separately, to account for the different groundwater conditions. In the site-specific 
case, the change of slope angles was enabled through the Slope Angle Wizard setting in Slide2, 
where the angle was changed from 2:1 to approximately 1:1 in increments. A workflow example 
for RMT IV is shown in Figure 4. 


For a) Ru=0 
b) Ru=0.1 


* Slide 2D (Rocscience Inc.) 
= Multiple Scenario setting 
* Grid search for circular surfaces 


"Bishop simplified 


= c= 
Ey 


a He ES 
J H ES 
EJ 


Figure 4. Workflow adopted for RMT IV. 


4 RESULTS AND DISCUSSION 


4.1 Rock mass types IV, V and VI 


Each analysis run resulted in the computation of the minimum factor of safety. Values for all 
cases are shown in Figure 5 where the factor of safety was plotted against the pore pressure 
ratios. This enabled the observation of the general trend of the safety factor in terms of the 
slope height and angles. 
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Figure 5. Factor of safety against pore pressure ratios for a. RMT IV; b. RMT V; and c. RMT VI, for 
different slope geometries. The blue colour corresponds to Geometry 1, while orange corresponds to 
Geometry 2. 


For the moderately weathered rock mass (Figure 5a) it is observed that the factor of safety is 
substantially high in all scenarios. This rock mass is not severely affected by weathering, and 
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the overall strength of the rock mass is not significantly reduced compared to less weathered 
types. Slopes 2 3:1 are suggested, since stability may be ensured, while excavations are kept at 
a minimum. In more weathered rock masses (Figure 5b; Figure 5c), for slopes of 10 m height 
and for the steepest of the slope angles the factor of safety is at a minimum of approximately 3. 

For rock mass type V and heights > 20 m, the safety factor remains above 4 in all cases, 
while for type VI the factor of safety in the most conservative scenario of the pore pressure 
ratio is approximately 1.5. As a reference, in accordance with the Greek road design guidelines 
manual (OSMEO), for rock slopes, the minimum required factor of safety shall be 1.2 when 
considering the estimated maximum groundwater level in a 50-year period, and 1.3 when con- 
sidering the maximum annual groundwater level. 

In terms of the different geometries, for Hmax=20 m, the 10-m-high slope scenario provided 
with more conservative results compared to that of both 10 m and 5 m slopes between 
benches. For slopes of Hmax=30 m the two geometries provided very similar results indicating 
that for such heights, the different benching scenarios are not distinguished, and it is the slope 
angle that may need to be revised. 


4.2 Site-specific case 


The site-specific case was used to examine the effect of a cover of approximately 5-10 m of the 
completely weathered RMT VII. The slope is a 30-meter-high slope of 2:1 initial slope angle 
with three benches separating 10- and 5-meter-slopes. The slope profile consists of three layers 
representing three units of gneiss as seen in Sections 2 and 3.2. Distances of 65 m from the 
crest, 55 m from the toe of the slope to the and 30 m below the toe of the slope to the external 
boundaries were used not to interfere with the computations. 

Figure 6 illustrates the analysis output for the site-specific case study, for Ru=0 and slopes 
of 57°, 49° and 45°. 


Figure 6. Analysis results showing the SF for the site-specific case and for Ru=0, for different slope angles. 


It is observed that one of the slopes between benches fails for all assigned inclinations. In all 
cases, the failure surface is within the weathered material. This is due to the inherently low 
strength of the soil-like weathered material and its thickness in connection to the geometry of the 
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slope. Slope angles of 1:1 or less are recommended, depending always on the thickness, the max- 
imum slope height and the feasibility of this approach. It must be noted, however, that this is the 
lowest factor of safety estimated. It may be the case that, other failure surfaces with a safety 
factor below 1 may be more extensive and incorporate the overlying rock mass types. 


5 CONCLUSIONS 


An attempt was made to link the engineering geological information on weathered gneissic 
rock masses to a set of slope geometries by conducting a series of slope stability analyses, for 
which the slope height and inclination were chosen as the most critical geometric parameters. 

It was observed that for moderately weathered gneiss (type IV) the factor of safety remained 
high in all examined scenarios. Therefore, a remark was made that steeper angles (23:1) may 
be used in such a rock mass. For weathered rock mass types (V and VI) gentler slope angles 
(~2:1) are suggested. Regarding the site-specific case, failure was observed, with the factor of 
safety remaining below 1 in all scenarios, showcasing the effect of the completely weathered 
material to the stability of the slope. 

It must be noted that the slope stability analysis, at an initial stage, was focused on one side 
slope, examined in 2D. Therefore, assuming that the suggested geometries are suitable in the 
scale of a tunnel portal, is problematic. Further work is encouraged as tunnel portal slope fail- 
ures may be significant to tunnel design and construction. Provided with analyses for different 
gneissic rock mass conditions for both a side and front slope, i.e., in 3D, further comments 
may be made regarding the stability of the portal area and the optimum configuration or con- 
struction method (e.g., cut and cover) of tunnel portals in gneissic rock masses. 
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ABSTRACT: In the context of underground construction projects, the knowledge of the urban 
subsoil is of major importance. This article focuses on the development of a 3D geostatistical 
modelling of the pressuremeter tests applied on a section of the Grand Paris Express. The spatial 
variability of the geotechnical behavior is studied through a comparison between deterministic 
geostatistical methods: ordinary kriging and collocated cokriging. They both give quite similar 
results but collocated cokriging is definitely more accurate. This study also shows that large-scale 
underground projects are an ideal setting for the application of such 3D modelling. 


1 INTRODUCTION 


Knowledge of the urban subsoil is one of the major current and future challenges in the con- 
text of underground development projects. In order to better characterize these subsoils and 
to minimize the major risks that may arise during the construction phase of the works, large- 
scale investigation campaigns are being carried out. They give a large amount of geological, 
geotechnical and hydrogeological data. Despite this, inaccuracies and uncertainties remain, 
which can have an impact on the time and cost of the works. 

The development of geostatistical methods over the last few decades offers the possibility of 
responding to some of the problems raised. Indeed, through the production of geological and/ 
or geotechnical models in 2D or 3D, they provide a continuous imaging and a detailed ana- 
lysis of the spatial variability of the subsoil properties. However, the use of geostatistical 
models in their is still insufficiently developed in the field of tunneling projects. 

Thus, the study presented in this article aims to show that large linear projects are an ideal 
setting for the construction of geostatistical model. To demonstrate this, a 3D geological- 
geotechnical modelling of pressuremeter tests parameters (limit pressure and pressuremeter 
modulus) is applied to a section of the Grand Paris Express. 
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After introducing the study site and the data of interest, the methodological process 
leading to the creation of a 3D geostatistical model will be described. The process is 
conducted on one of the geological units of interest: the Coarse Limestone. The result- 
ing 3D model will be discussed through a comparative analysis between two determin- 
istic geostatistical methods. The performance and relevance of the methods are 
evaluated through the statistical analysis of their respective results and the accuracy of 
predictions. 


2 STUDY SITE AND AVAILABLE DATA 


2.1 Study site 


This study focuses on a specific sector of the Grand Paris Express (Figure 1). This research pro- 
ject is made possible thanks to the Société du Grand Paris, which provides access to their geo- 
logical/geotechnical database (SONGE) compiling all the drillings and tests carried out along 
the line of interest. At this stage, for confidentiality reasons, the work and results presented here 
cannot be linked to a precise location. 


Charles de Gaulle 
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Chantiers Sèvres 
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Figure 1. Map of the Grand Paris Express (Société du Grand Paris). 


2.2 Available data 


Within the framework of this tunneling project, extensive investigation campaigns were car- 
ried out and a wide variety of geotechnical tests were performed. In this work, it was chosen 
to develop the method from the pressuremeter tests because of their regular distribution and 
high density along the studied sector: more than 6,000 tests distributed with an average of one 
pressuremeter borehole every hundred linear meters. 

The pressuremeter test is an in situ, geotechnical test which gives three soil parameters: the 
pressuremeter modulus Em, the creep pressure Pf and the limit pressure P1. Here, the modulus 
Em and net limit pressure Pl* (PI* = Pl — Ono with Spo which is the total horizontal stress at 
test depth) will be studied. 
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3 DATA PROCESSING AND SECTORISATION OF THE LINE 


3.1 Data processing 


The methodology of geotechnical modelling by geostatistics presented here is divided in four 
main stages. Firstly, the processing of the database and therefore of the pressuremeter tests is 
an essential step to be carried out before any modelling attempt. This step identifies, process 
and eventually discard outliers that may have a negative influence on the final model. In our 
case, 4% of the total data are dismiss during the pre-processing of the database, which is not 
negligible. 

When analysing the pressuremeter data, a number of tests were found for which the limit 
pressure was not reached or calculated according to the european rules of NF EN 22476-4. 
This is explained by two factors relating to the limitations of the pressuremeter test: either 
early bursting of the probe during the test or the limit pressure of the soil exceeding the cap- 
acity of the pressuremeter probe, limited to SMPa in the case of a conventional probe and 
8MPa for a high-pressure probe (standard NF EN 22476-4). For coarse limestones, these 
cases concern 75% of all tests. For these tests, an estimation of the net pressure limit, where 
this is not reached, has been made in order to improve the resolution of the analysis in the 
high values. This estimation of the net limit pressure is based on the existing correlation 
between net limit pressure and pressure modulus, the methodology followed is detailed in 
Lacherade et al. (2022). The geostatistical modelling is conducted on the new dataset consist- 
ing of the original P1* tests plus the re-evaluated ones. 


3.2 Sectorisation 


In this methodology, it was not chosen to make a single global geotechnical model of the 
whole Coarse Limestone. The originality here is to proceed with several local models thanks 
to the implementation of a sectorisation process. The aim of sectorisation is to divide the 
Coarse Limestone into several sectors with homogeneous geotechnical characteristics, valid- 
ated from statistical criteria, and to model each sector individually. A hierarchical ascendant 
classification (HAC) (Ward 1963) method is first applied on pressuremeter parameters to 
create clusters within which the individuals are similar. Then an analysis of variances 
(ANOVA) (Fisher 1918) is used to validate the sectorisation. The sectorisation methodology 
is detailed in Lacherade et al. (2022). 

In a second step, a concatenation of the sectors is carried out, this results in a global model 
of the Coarse Limestone on the whole line. This local approach give a better representation of 
the spatial variability of the geological unit and thus improves the accuracy of the interpol- 
ation with respect to a global model. 

The sectorisation of the Coarse Limestone has identified for the Pl*, four sectors with 
homogeneous geotechnical characteristics (Figure 2). This subdivision is justified by the 
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Figure 2. Sectorisation of the Coarse Limestone along the tunnel alignment. 
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Table 1. Results of normality, homoscedasticity and ANOVA tests. 


Variable Normality p-value Homoscedasticity p-value ANOVA p-value 


Em 7.97E-08 1.4E-06 3.09E-15 
Pl* 9.62E-04 0.03 1.07E-15 
Em/PI|* 4.5E-06 0.57 2.62E-13 


results of the ANOVAs. The p-values obtained for ANOVAs performed on Em, Pl* and 
Em/PI* considering the 4 sectors are extremely low (Table 1, last column). This means that 
the 4 sectors do not belong to the same population and thus justifies the sectorisation made 
on the line. It should be noted that the ANOVAs carried out are non-parametric (Kruskal- 
Wallis tests) because the prior hypotheses to be verified simultaneously (normality and 
homoscedasticity hypotheses) are not (Table 1, columns 2 and 3). 


4 3D GEOSTATISTICAL MODELLING 


4.1 Methodology and variographicaly analysis 


The geostatistical modelling is conducted on each sector independently with the use of two 
deterministic methods: Ordinary Kriging (OK) and Collocated CoKriging (CoCK). After 
a brief description of the principles of these deterministic methods, the interpolation results 
are analysed and a comparison between both is made. 

Deterministic geostatistical methods are weighted linear estimators that use the spatial correl- 
ation studied by the variogram or covariogram to estimate a variable of interest. Here, ordinary 
kriging (Matheron 1963) and collocated cokriging (Xu et al. 1992) are used. Cokriging involves 
taking into account auxiliary variables correlated to the parameter of interest (PI*). Here, the aux- 
iliairy variable used for the collocated cokriging, is the pressuremeter modulus (Em) previously 
interpolated by ordinary kriging. 

Because the collocated cokriging is based on the linear correlation between principal and 
auxiliary variable, the correlation diagram between Em and PI* is studied. Here, the linear 
correlation coefficients between Em and P]* are respectively 0.93, 0.92, 0.91 and 0.94 for the 
four sectors. These correlations are statistically significative for the application of cokriging. 

The 3D geostatistical modelling per sector is undertaken through the use of Isatis Neo" soft- 
ware. Classical stages of a geostatistical modelling are applied: variogram map (identification 
of possible anisotropy directions in the spatial structure of the data), calculation of experimen- 
tal variograms in the principal anisotropy directions (horizontal and vertical in our case) to 
analyse the spatial variability and fitting of the variogram model, cross validation to validate 
the variogram model. Finally, geostatistical interpolation is applied on a grid 5 x 5 x 1.5 mî, 
from the variogram models defined above. Note that the grid extends laterraly over a length of 
75m, giving a constant total width of 150m. Also, in order to compare OK and CoCK with 
same calculation parameters, the neighborhoods (experimental points used to estimate a point 
without measurement) used during the interpolations are the same for each method. 

The variogram models used for the interpolation are displayed on Figure 3 (with y(h) cor- 
responding to the experimental semivariance of the variable, calculated according to the dis- 
tance step considered), three main types of structures are found in the model: nugget effect, 
spherical and linear. On each case the nugget effect is present, it shows the variability of the 
parameter at a very short distance. The ranges are also identified which shows that there are 
spatial correlations. Moreover, the variograms of the 4 sectors clearly differ, which justifies 
working with a sectorisation. 
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sectors in the vertical and horizontal direction (with y(h) the experimental semivariance of the variable). 


4.2 Results 


The interpolation results by ordinary kriging (OK) and collocated cokriging (CoCK) are 
shown together in Figure 4 (a. and b.). 

The errors of prediction are given by the kriging standard deviation: Sk (Figure 4, c. and d.). 
This parameter provides an indication of the accuracy of the interpolation and the local vari- 
ability of the parameter studied (Cardenas and Malherbe 2003). The interpolation error is 
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useful to highlight regions where lack of data makes the modeling less reliable. A statistical 
review for both methods is presented in Table 2 with the minimum, maximum, average, median 
values and the coefficient of variation (CV) exposed. 
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Figure 4. Results of the estimation of the Pl*in the Coarse Limestone by a) Ordinary Kriging and b) 
Collocated Cokriging and of the standard deviation (Sk) of the estimation by c) Ordinary Kriging and d) 
Colocated Cokriging. 


Table 2. Statistical review of results — Pl* and Sk in the Coarse Limestone. 


Parameter Minimum Maximum Average Median CV 


Unit MPa MPa MPa MPa % 
OK - PI* 0.7 15.5 9.3 9.9 30 
CoCK - Pl* 0.7 15 9.3 10 29 
OK - Sk 2.8 5.4 3.7 3.8 8 
CoCK — Sk 1 1.7 1.5 1.5 7 


4.3 Discussion 


The interpolation results of the Pl* between the ordinary kriging (OK) and collocated cokri- 
ging (CoCK) models are substantially identical (Figure 4 a. and b.) the statistical analysis con- 
firm this (Table 2) .The average difference of 0.5MPa (median of 0.3MPa) between both grids 
exposes this strong similarity. In addition, for both methods, the analysis of the model 
(Figure 4) for the Coarse Limestone shows that the net limit pressure varies significantly along 
the line. These important variations, expose contrasts between areas with low and high P1* 
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values and allows to identify four regions (black arrows on Figure 4) within which the behav- 
iour of the pressuremeter characteristics seems to be quite homogeneous. These four sectors 
overlap almost perfectly with those resulting from the division of the line by HAC, which con- 
firms the choice of the sectorisation made upstream. 

Regarding the kriging standard deviation (Figure 4 c. and d.), it is very homogeneous for 
both methods (CV of 8% for OK and 7% for CoCK) despite some local variations. However, 
the Sk is significantly weaker on the model produced by CoCK than by OK: median values of 
1.5MPa and 3.8MPa respectively (average of 1.5MPa and 3.7MPa also). This reflects a more 
accurate model for the CoCK and it is related to the use of Em as an auxiliary variable. More- 
over, this accuracy gap is also found on the comparative graph of predictions with error 
bars vs. observations (from the cross-validations) conducted for example in Sector 1 
(Figure 5). The CoCK provides higher accuracy when comparing the best estimates and 
the observations, and higher reliability of the confidence intervals (CI), either at 68 and 
95%, which contain the observations for most of them. Moreover, this is very noticeable 
for tests with low values (PI* < 2.5MPa) or high extreme (P1* > 10MPa) where OK accur- 
acy is very poor as well as the coverage of the confidence intervals, due to the smoothing 
effect of kriging. 

As mentioned in the section 4.1, the Em variable is highly correlated with the Pl* 
data. This correlation is taken into account in the construction of the model in the cross 
variograms (between Em and Pl*) during the interpolation stage where Em is taken as 
the auxiliary variable all over the field. Thus, due to the very high correlation between 
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Figure 5. Comparative graphs of predictions with confidence intervals (68% and 95% CI) and observa- 
tions for OK and CoCK of sector 1 with the values in ascending order on the x-axis. 
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Figure 6. Correlation coefficients Z*/Z of cross-validations OK and CoCK of sector 1 (Z*= estimated 
value, Z= data PI*). 


both variables, it is logical that the Sk is low. This is reflected in the correlation Z* 
(estimated value) and Z (initial value) resulting from the cross-validations process: results 
are better for CoCK (respectively 0.94, 0.91, 0.91, 0.94 for the four sectors) than OK 
(0.46, 0.15, 0.36, 0.52). Figure 6 outline this aspect with cross-validation result for the 
sector 1. 

Despite globaly similar Pl* grids, due to better accuracy (lower Sk) and higher confidence 
on interpolated values (error bars), collocated cokriging seems in this context more suitable 
than ordinary kriging, which is consistent with Isaaks and Srivastava (1989) or Giraldo et al. 
(2020). This is especially true for extreme values, which is interesting from an engineering 
point of view. 


5 CONCLUSION 


The aim of this study was to show that due to the amount of data provided by large linear 
projects as tunnels, they are an ideal setting for the construction of geostatistical models and 
there is a real interest for decision-makers to democratize their use. This was done by present- 
ing a 3D geostatistical modelling approach of geotechnical parameters at the scale of a subway 
line. This approach extends from data processing to the graphic production of the 3D geotech- 
nical model with the related errors of predictions, including the division into homogeneous sec- 
tors using statistical methods. 

In this work, the methodology was applied to a lithological formation of interest: the Coarse 
Limestone found on one of the sections of the Grand Paris Express. The data processing and 
sectorisation of the tunnel line were first briefly described in order to show these stages are very 
important phase in the modelling process. The spatial variability of the Pl* exhibited by the 3D 
modelling allowed to identify four contrasted regions with similar pressuremeter characteristics 
inside. The comparative study between ordinary kriging and collocated cokriging showed that 
collocated cokriging has better predictive accuracy and higher confidence on interpolated 
values than ordinary kriging. Collocated cokriging reproduces also better low and high extreme 
values which are of a great interest for risk analysis. 

Beyond the comparison, the study reveal that geostatistical methods are fitted for tunneling 
projects thanks to the large amount of information they provide (here, more than 6000 
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pressuremeter tests along the 20km of tunnel). They efficiently describe and expose the spatial 
variability of geotechnical parameters, and allow to consider boreholes that are off-centre 
from the tunnel alignment in order to build a 3D band around (here 150m wide band). 
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ABSTRACT: Due to the significant costs and possible risks associated with the dewatering of 
pressure tunnels, inspections with Remote Operated Vehicles (ROVs) are an economical alterna- 
tive that can provide valuable insights into their conditions. The headrace tunnel of Paute HPP 
Phase C is part of Ecuador’s largest hydroelectric complex and was inspected with an ROV in 
2016 and 2021. A direct comparison was made between the two surveys, showing clear evidence 
of deterioration within a relatively short period, which complemented with the accurate quantifi- 
cation and location of the anomalies, allowed the planning of extraordinary maintenance works. 
This paper presents the main observations of the ROV surveys and describes the advantages of 
preventive monitoring through indirect inspections, which can provide extensive information on 
the conditions and evolution of pressure tunnels. 


Keywords: ROV, pressure tunnel, tunnel dewatering 


1 INTRODUCTION 


In recent years Remotely Operated Vehicles (ROV) have gained popularity in the indirect 
inspection of pressure tunnels, particularly in hydraulic projects (Brox, 2020). Due to the sig- 
nificant costs and possible risks associated with the dewatering of pressure tunnels, ROVs are 
an economically viable alternative that, when correctly capturing the geometry, the longitu- 
dinal alignment and sections of the tunnel can provide valuable insights into its conditions. 
For instance, in Paakaupunkiseudun Vesi Oy water supply, Finland, and Canutillar hydro- 
electric project, Chile, ROV surveys detected and quantified the areas of failure that had par- 
tially blocked the tunnels. In Ontario Hydro Darlington Generating Station, Canada, an 
ROV survey detected and measured unexpected silt deposits in the diffuser tunnel (Sherwood 
& Clarke, 2012). In these cases, the inspections allowed an adequate and effective planification 
for the maintenance works, reducing the time for the interventions and related costs. 

The headrace tunnel of Paute Phase C, located in the South of Ecuador, is part of the lar- 
gest hydroelectric complex in the country. The tunnel was inspected with an ROV in 2016 and 
2021 with the assistance of Lombardi; therefore, allowing a direct assessment of the evolution 
of its conditions over the years (Lombardi, 2016 & Lombardi, 2022). Clear deterioration was 
observed in this relatively short period, which was associated with the geological conditions 
along the tunnel. 

As a result, this article covers the main observations of the ROV inspection. It demonstrates 
the advantages of indirect inspections, which can provide an adequate understanding of the 
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evolution of a hydraulic pressure tunnel, while also describing some recommendations to 
improve and optimize the surveys. 


2 TUNNEL CHARACTERISTICS 


The Paute-Molino hydroelectric power plant is located on the Paute River, in the province of 
Azuay, around 120 kilometers from Cuenca in southern Ecuador. Paute-Molino HPP exploits 
the water discharged by the Mazar power plant and the tributaries of the lower Paute river 
basin. The scheme of the configuration of the hydroelectric complex is shown in Figure 1 
(Lombardi, 2016). 

The HPP has an installed capacity of 1075 MW, generated by 10 Pelton units, designed for 
a flow rate of 200 m?/s. This power plant was built in 2 stages: Phase A-B was built between 
1976 and 1983 with 5 units and the second phase (Phase C) was built between 1985 and 1991 
with 5 additional units. The dam has a height of 170 m and a crest length of 420 m. Two tun- 
nels, approximately 8 km long, carry the water to the powerhouse. The Phase C headrace 
tunnel starts at PK 0+900 up to PK 7+200, thus is around 6.3 km long, has a diameter ranging 
from 6.9 to 7.80 meters, and became operational in 1991. 

The headrace tunnel of Paute Phase C was excavated with a tunnel boring machine (TBM). 
4% of its length was lined with steel, 6% with cast concrete, and 90% was reinforced with occa- 
sional rock bolts and shotcrete (see Figure 2). 
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Mazar dam and Discharge 


powerplant : tunnel 
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Figure 1. Scheme of the Paute-Molino hydroelectric project (Lombardi, 2016). 


According to geological studies, the headrace tunnel was excavated in intrusive-igneous and 
metamorphic geological units of the Upano Unit. In the initial section (75%, from PK 0+900 to 
PK 5+700) the excavation was carried out in granodiorite, followed by cornubianites (8%) and 
schists (17%) up to the end of the tunnel at PK 7+200 (Ingeconsult, 2019). While the schists 
present a typical laminar structure with different grades of alteration, the granodiorite materials 
showed various joint sets, forming blocks whose size can range between centimeters to meters. 
The steel lined section (see Figure 2) is located at the beginning and at the end of the tunnel. 
The unlined section is typical along the tunnel, with dispersed sections of cast in place concrete 
lining in some of the areas of highly fractured rock. 

Regarding the geological structures, faults and numerous shear zones were distinguished; 
however, there is no available information on the records of the excavation works to correlate 
risk areas. 
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Figure 2. Typical cross sections of the headrace tunnel of Paute Phase C (Lombardi, 2022). 


3 PREVIOUS INSPECTIONS 


The headrace tunnel of Paute Phase C was operated for 24 years before its first inspection. This 
tunnel was dewatered in 2014 and a brief inspection was conducted along its length (CELEC EP, 
2014), providing a general assessment of the tunnel conditions. Although no significant alter- 
ations that could compromise the tunnel operation were registered, water infiltration through the 
joints and numerous wedge-type blocks were observed on the tunnel floor as shown in Figure 3 
(CELEC EP, 2014). It was evident that the blocks originated from the tunnel’s crown and walls, 
thus proving its alteration. The extensive stretches of deteriorated materials also prevented 
a detailed record due to the risk associated with detachments and wedge falls. 


Figure 3. Detached rocks were observed in the direct inspection of the headrace tunnel of Paute Phase 
C in 2014 (CELEC EP, 2014). 


Subsequently, an underwater inspection with a Sabertooth (SAAB technologies) ROV was 
carried out in 2016 with the objective of monitoring and registering the critical zones of the 
tunnel, previously detected in the direct inspection of 2014 (Lombardi, 2016). This survey pro- 
vided valuable information on the tunnel’s geometry, the elements’ conditions, such as the 
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rock trap and the surge shaft, as well as the quantification of debris and voids along its length. 
When comparing it to the direct inspection of 2014, additional debris sites were identified, 
particularly in the stretch from PK 4+900 to PK 5+900, classified as critical. Although it was 
impossible to measure the evolution of the alterations, this monitoring set a baseline for the 
subsequent surveys. Furthermore, it was concluded that the tunnel had not reached its oper- 
ational equilibrium, and further detachments and deposits would be expected. 


4 SURVEY DESCRIPTION 


The survey of 2021 was completed with a Sabertooth Remote Operated Vehicle (ROV) and 
aimed to capture the geometry of the tunnel using multiple types of sonar and video cameras. 
The ROV was connected to the control unit through an optic fiber cable, transmitting the 
power from the surface and allowing a permanent data transfer in real-time with minor to null 
external noise (Christ & Wernli, 2007). In addition, during this inspection, the cable provided 
the position along the tunnel through continuous measurement of the length that had been 
unrolled. Four multibeam imaging sonars (BlueView T2250) on the front of the ROV provided 
detailed images of the tunnel for both feature location and vehicle piloting. The profiling sonar 
measured the cross-section of the tunnel several times per second. Each cross-section was com- 
bined with the position and attitude information from the Sabertooth navigation system to gen- 
erate a collection of three-dimensional cross-sections. The result was a points cloud of the 
internal dimensions of the tunnel, which was subsequently transformed into a 3D shell surface 
model. Although two forward-facing cameras and one rear-facing camera were also installed on 
the ROV, the high turbidity of the water prevented its use due to the low visibility (OGO, 2021). 

The inspection plan had various restrictions, including its total length, the flow rate, the 
curves in the tunnel, and the high density of information. These variables defined the inspec- 
tion speed, which was completed in one shift that lasted around 3 hours (average velocity of 
0.7 m/s). The ROV started from the service gate of the Daniel Palacios dam (see Figure 4), 
covering a total length of 6.3 km. 


Figure 4. Entry of the Sabertooth ROV into the service gate of Daniel Palacios dam of Paute-Molino 
Power Plant (Lombardi, 2021). 
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5 SURVEY OBSERVATION AND ANALYSIS 


The processed 3D model of the internal dimensions of the tunnel allows a direct comparison 
with the theoretical profile to detect geometric differences. This interpretation was carried out 
in terms of holes, cracks, outcrops and debris, which may respectively represent over excava- 
tions, natural or structural discontinuities, or rock blocks and material deposits on the floor. 
Moreover, the location of the geometric elements of the tunnel was reported, including the 
construction accesses, changes in the section, the surge shaft, and the rock trap. Figure 5 pre- 
sents an example of the 3D model of the headrace tunnel, where it can be observed the transi- 
tions from a section without lining to one with cast-in-place concrete lining. 

It is common in tunnel inspections that the geometric aspects on the tunnel floor provide 
essential information on the zone of alteration since they indicate if materials detach from the 
tunnel profile. Voids do not necessarily indicate block falls or alterations in a tunnel, since 
they may represent over-excavations that occurred during the construction process. Neverthe- 
less, in the headrace tunnel of Paute Phase C, by having two 3D shell surface models that can 
be compared, the voids volumes provided the most reliable information on the areas of recent 
deterioration. Consequently, the conclusions on the current conditions of the tunnel were 
based on the void volumes. 

Throughout the visual evaluation of the 3D model, additional voids were identified, mainly 
in zones of low-quality granodiorite rock. Figure 6 compares the 3D models in a zone where 
a significant increase in voids was observed at PK 5+888 — 5+970. 


Strech with cast -in- 
place concrete lining 


\ 


Strech without lining 


PK 6+342 


Figure 5. Geometric model and change of sections of primary support to the secondary lining for the 
headrace tunnel of Paute Phase C. 


Subsequently, a quantitative comparison was made between the ROV inspections of 2021 
and 2016. Figure 7-a presents the quantitative comparison of accumulated voids and debris 
along the headrace tunnel and Figure 7-b shows the differences in volume per meter. It can be 
seen in Figure 7-a a continuous increment in voids and deposits that result in additional 
160 m? and 36 m° of respective volumes for the length of the tunnel. While a similar volume of 
voids and debris should be expected, this difference can be related to materials that have been 
fragmented to minor volumes and were not captured in the ROV profiling, materials that 
have been transported to zones that are not included in the current inspection, and to the dif- 
ference in the resolution of the sonars adopted for each inspection. 

When evaluating the difference in debris per meter between 2021 and 2016, as shown in 
Figure 7-b, several cases with negative values are observed, showing that there are fewer deposits 
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Figure 6. Condition of Paute Phase C headrace tunnel between PK 5+888 and 5+970. (a) voids in the 
2016 inspection and (b) voids in the 2021 inspection. 


in the same zone of the tunnel. This confirms that the deposits in the floor can be transported, 
and debris quantifications should be considered secondary in defining the locations of critical 
areas that are being degraded. Conversely, when evaluating the difference in voids there is 
a constant increment and in general, the voids per unit of length are more significant than the 
debris. The single negative value and the cases when the debris per unit of length is higher than 
voids can also be related to the transport of materials along the invert. 

As observed in Figure 7-b, most of the detachments occur between PK 4+800 and 5+900, 
located highly fractured granodiorite rocks (RQD < 25%). This is a critical stretch that was iden- 
tified in 2016 (PK 4+800 — 5+900), and according to the last inspection, there is a significant 
increment in voids per meter. There are also zones with increments before and after this stretch, 
which may represent an intensification in the deteriorated length. In addition, along this critical 
area, according to the ROV images, as shown in Figure 6, various stretches present unfavorable 
aspects of poor rock quality (Lombardi, 2016), and, therefore, should be closely monitored 
during the following inspections. 
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Figure 7. Quantitative comparison between the inspection of 2021 and 2016 of Paute Phase C headrace 
tunnel for (a) accumulated debris volumes and (b) debris volumes by length unit. 
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Direct tunnel inspections are recommended between 5 and 10 years (McStraw, 1996; Gerst- 
ner et al., 2013). However, the ROV surveys completed in the tunnel of Paute Phase C have 
allowed detecting and measuring the deterioration of specific parts of the headrace tunnel. In 
this context, the owner of the project may be able to evaluate and plan an earlier intervention 
for the next dewatering of the tunnel. 


6 ROV SURVEY RECOMMENDATIONS 


Several advantages of ROV inspections in pressure tunnels have been provided, yet there are 
difficulties during the survey and the post-processing that may be acknowledged. It is recom- 
mended to have a reliable geometric reference model (i.e., the one shown in the as-built draw- 
ings) that can be used as a baseline for positioning geometric features and alignment. 
Furthermore, while ROV inspections provide a referenced geometric model (3D shell surface 
model), the survey does not deliver information on the support conditions in terms of cracks 
in the shotcrete layer, or the level of operation of the rock bolts. Hence, during a direct inspec- 
tion, these elements of the tunnel shall be evaluated. 

Given that ROV surveys are becoming more common in inspecting water tunnels, existing 
and new projects should contemplate adequate facilities for positioning and maneuvering of 
the device. Appropriate access, electrical connections, and crane equipment shall be imple- 
mented to facilitate its entry and operation. Moreover, if the alignment in water tunnels is 
measured with the cable that connects the ROV to the surface, errors can arise at the horizon- 
tal and vertical curves where the cable follows the shorter path and deviates from the tunnel 
alignment, or when the cable meets some obstruction with the possibility of getting entangled. 
Therefore, reference points or special plates attached to the lining, detectable with the ROV, 
can be installed at the construction stage or during the dewatering. 

Nevertheless, ROV surveys allow monitoring of the evolution of tunnels without affecting 
their stability with frequent dewatering operations, which could trigger significant detach- 
ments. Likewise, since the survey can be completed in a short time, in the range of hours, 
there is also a considerable reduction in the power generation downtime required and the 
costs associated. This further allows frequent inspections and a more extensive record of the 
conditions of the tunnel. With periodic inspections, such as the established for Paute Phase C, 
ROV surveys can anticipate and plan timely maintenance works. 

Therefore, this proven technique shall be implemented regularly in addition to direct inspec- 
tions and should be planned since the design stage in agreement with the owner, so that its 
application, especially in unlined tunnels, is included in the plant’s Operation and Mainten- 
ance manual. 


7 PHOTOGRAPHS AND FIGURES 


The success of an ROV inspection in water tunnels depends on correct planning, the reliability 
of the information to define its geometry, and the accuracy to reference its alignment. By com- 
plementing the survey with the geological and geotechnical interpretation, a comprehensive 
understanding of the tunnel conditions can be completed. Furthermore, since the survey is 
usually carried out in a short time, further reductions in the costs related to dewatering and 
the downtime of energy production are ensured. 

In the case of the Paute Phase C headrace tunnel, the ROV inspections of 2016 and 2021 
provided accurate 3D surface shell models of the tunnel contour. By quantifying and compar- 
ing the 3D models and complementing the results with observations from previous studies, 
areas that have deteriorated in recent years were detected, enabling the next maintenance 
works to be planned in the best possible way. 
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ABSTRACT: Cylindrical and prismatic rock specimens, subjected to uniaxial compression, are 
usually studied to assess the material’s uniaxial compressive strength, Poisson’s ratio and Young’s 
modulus. However, in order to monitor their fracturing, and so to comprehend the fracturing 
behaviour of the tested material, additional methods should be employed, such as the recording 
of the acoustic emission activity. Acoustic emission, offer a valuable insight of the rock’s fractur- 
ing behaviour and of the accompanied phenomena. In the current study, five calcitic and dolo- 
mitic rocks are subjected to uniaxial compression, while the acoustic emission activity is recorded 
and post-processed accordingly. There are apparent differences regarding the acoustic emission 
activity, for which two different behavioural types are noticed and described, based on the min- 
eralogical composition of the studied specimens. Finally, the ability to predict the upcoming fail- 
ure of the specimen through the analysis of the basic acoustic emission parameters is evaluated. 


1 INTRODUCTION 


Prediction of rock’s failure is a key object of study in rock engineering. The materials fail in 
either tension or shear and even under compressive stress conditions, both types of cracking 
may occur. 

Compressive strength describes the ability of a rock to withstand compressive stresses. It is 
of great importance in determining the rock’s response when subjected to both/either static 
and/or dynamic loads. 

In the current paper, uniaxial compressive strength tests (UCS test) are performed on stand- 
ard cylindrical and non-standard specimens of five calcitic and dolomitic rocks, quarried in 
Greece. A variety of dolomitic limestone, two varieties of calcitic and two dolomitic marbles 
are studied. The loading axis of the specimens is selected after evaluating the anisotropy 
planes of each material. The latter is based on ultrasonic velocity measurements, and specific- 
ally of the longitudinal P-waves’ propagation velocity. Acoustic emission (AE) signals are 
recorded throughout the experiments, the processing of which is presented in this paper. 

Acoustic emission (AE) is the natural phenomenon where high-frequency transient elastic 
waves are generated by the rapid energy release inside a material which is under load. The 
processes of the rock’s deformation and fracture is associated with the acoustic emission, 
which include the initiation, propagation, interaction, and coalescence of microcracks that 
eventually lead to the creation of macroscopic fracture surfaces (MFSs). In the laboratory, the 
failure of a specimen may be predicted by the increase of the release rate of the acoustic emis- 
sion, which is a fairly reliable indicator of predicting the impending failure. 
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There are clear differences regarding the strength of the examined materials based on their 
mineralogical composition, as well as regarding the acoustic emission activity for which two 
(2) different behavioural types are noticed. Finally, the predictability of the specimen’s 
impending failure through the analysis of the basic acoustic emission parameters, is evaluated. 


2 BACKGROUND 


The sudden energy release from specific points inside a loaded material, forms transient elastic 
waves of high frequency, ranging from a few kHz to MHz, commonly referred to as Acoustic 
Emission (AE). The monitoring of the loaded material by employing the AE analysis, enables 
the quantification of the rock damage in the micro-scale, both in the laboratory and in situ 
(e.g., Koerner et al. 1981, Lockner 1993, Lee & Rathnaweera 2016, Dyskin et al. 2018). 

Usually, standard parameters of the AE signals, e.g., average frequency, amplitude, etc. (e.g., 
Tham et al. 2005, Ganne et al. 2007), are quite useful for the study of the material’s fracturing, 
while also, more sophisticated analyses may help to this respect (e.g., Nomikos et al. 2012, Kim 
et al. 2015, Ebrahimian et al. 2019, Liu et al. 2019). The silent and intense fracturing periods may 
be determined by examining the cumulative AE signals — time/load curve, clarifying the specimen’s 
condition throughout the test. 

In the current study, five (5) calcitic and dolomitic rock varieties are compressed uniaxially, 
and at the same time the AE activity is recorded by two (2) piezoelectric AE sensors, attached 
at the specimens’ upper and lower half. Then, the recorded data is treated accordingly for fur- 
ther evaluation. 

Usually, the load during a uniaxial compression test is increased monotonically until the fail- 
ure of the specimen, while the axial and lateral strains are measured to form the respective stress- 
strain curves. On these curves, four (4) discrete phases are commonly expected as presented in 
Figure | (e.g., Bieniawski 1967, Wawersik & Fairhurst 1970, Hallbauer et al. 1973, Martin & 
Chandler 1994, Brace et al. 1996), i.e., (i) crack closure, (ii) elastic behaviour, (iii) stable fracture 
propagation, and (iv) unstable fracture propagation. The micro-fracturing of a material results 
on the generation and propagation of the aforementioned transient elastic waves. To this respect, 
the acoustic emission activity may be correlated with the phases presented in Figure 1. 


Axial stress 


Axial strain 


Figure 1. Typical stress-strain curve of uniaxial compression test and associated stages of rock deform- 
ation and microcracking. 


In the current paper, the acoustic emission activity of four (4) calcitic and dolomitic marbles 
and one (1) dolomitic limestone under uniaxial compression is examined. The four (4) phases 
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as presented in Figure 1 are identified through strain measurements and the AE activity. The 
usability and usefulness of the AE activity is evaluated as to which extend may act as precur- 
sor of the forthcoming rock’s failure. 


3 MATERIALS 


The studied limestone herein is dolomitic, while the examined marbles are either calcitic or dolo- 
mitic. It is noted that none of the studied materials is foliated. The mineralogy of each rock var- 
iety is verified by X-ray diffraction (XRD) analyses in Lotidis et al. (2020). “Veria” calcitic 
marble is quarried near Veria City, Central Macedonia. It is a white, fine-grained rock, with 
greyish bands parallel to XZ-plane (Figure 3(1-a)), composed of less than 1 % other minerals. 
“Nefeli” calcitic marble is quarried in Parnon Mountain, Peloponnese. It is a white/grey, fine- 
grained rock, with dark grey nebulous impurities of no specific orientation, composed of less 
than 1 % other minerals. The two (2) dolomitic marble varieties are quarried in Falakron Moun- 
tain, Eastern Macedonia. “Volakas Ariston I” marble is a white, fine-grained variety with fine 
linear or corrugated grey/beige bands and occasionally with fine grey/red crystalline nerves and/ 
or round calcitic crystals. It is composed of dolomite and less than 3 % other minerals. Finally, 
“Volakas II” marble is a white, fine-grained variety, with thin linear or corrugated grey bands 
and occasionally fine grey/red crystalline nerves and/or round calcitic crystals. It is composed of 
dolomite and approximately 3 — 9 % calicite. “Apollon” limestone, which is quarried in Karna- 
zeika of Argolida, Peloponnese, is a breccia composed of ~53 % calcite, ~44 % dolomite and less 
than 3 % other minerals. 

The specimens’ loading Z-axis is selected after evaluating the ultrasonic velocity meas- 
urements, being consistent with the values presented in Table 1. PUNDIT7 (Portable 
Ultrasonic Non-Destructive Indicating Tester) and Tektronix TDS 1012B digital oscillo- 
scope are used, along with 54 kHz and 1 MHz transducers for the P- and S-waves vel- 
ocity measurements, respectively. At the transducer-specimen interface, ultrasonic gel is 
applied as coupling material. 

Table 1 lists the mechanical properties of the studied materials. It is noted that standard 
cylindrical (NX diameter) and non-standard prismatic specimens, of height to the equivalent 
cross-section ratio between 2.2 — 2.4 for the calcitic marbles and the limestone and 2.7 — 2.9 
for the dolomitic marbles, are used for the uniaxial compressive strength tests. Standard disc 
specimens (NX diameter) are used for the Brazilian tests. 


Table 1. Mechanical properties of the studied materials (Lotidis et al. 2020). 


“Apollon” “Veria” “Nefeli” = “Volakas Ariston I” “Volaks II” 
Limeston Marble Marble Marble Marble 
Unconfined compressive 169.7 120.6 + 16.0 88 6.0 118.1 + 14.0 125 + 9.0 
strength, o,; (MPa) 
Indirect (Brazilian) tensile 10.943.5 9041.7 T4414 4641.1 5.7 + 2.0 
strength, 0,3 (MPa) 
Density, d (kg/m*) 2621.0 2693.5 2692.3 2831.9 2804.9 
Young’s modulus, E (GPa) 57.9+5.2 97.5+18.0 67.2+2.7 56.1+46.0 54.8 + 13.0 
Poisson’s ratio, v - - - 0.28 - 
P-wave ultrasound velocity 6028.8 6416.6 6066.4 2393.7 3632.9 
X-axis, Vp y (m/sec) 
Y-axis, Vp y (m/sec) 6329.4 6247.9 5920.7 1915.7 3842.7 
Z-axis, Vpz (m/sec) 6282.5 6754.7 6097.5 2545.6 4034.3 
S-wave ultrasound velocity 2125.0 2876.3 2739.8 1536.7 1568.3 


Z-axis, Vsz (m/sec) 
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4 SPECIMENS’ PREPARATION 


The cylindrical specimens of the current study (i.e., for “Volakas Ariston I” marble) are pre- 
pared from marble blocks by core drilling. A special care is given on the drilling rate and pro- 
cess for better results. The prismatic specimens are tested as supplied by the quarry, without 
modifying their geometry. The specimens’ bases, both for the prismatic and the cylindrical 
ones, are flattened on a grinding machine. 

As mentioned in Section 3, the selection of the loading axis of each specimen is performed 
according to the ultrasonic velocity measurements. It is noted, that for “Volakas Ariston I” 
marble, these measurements are first performed on the blocks from which the cylindrical spe- 
cimens are formed. Finally, their dimensions are determined by a digital calliper. 


Table 2. Specimens’ average dimensions for the uniaxial compression test. 


Height/Equivalent Number of 


Rock variety Geometry Height (mm) cross-section ratio specimens 
“Apollon” limestone Prisms 120.8 +0.9 2.3 +0.01 5 
“Veria” marble Prisms 120.2 +0.7 2.3 +0.02 6 
“Nefeli marble Prisms 119.3 +1.0 2.3 +0.02 6 
“Volakas Ariston I” marble Cylinders 147.6 +0.7 2.7 +0.01 10 
“Volakas II” marble Prisms 148.2 +1.7 2.9 +0.03 7 


5 AE MONITORING 


During the laboratory experiments of the current study, the acoustic emission activity is 
recorded by two (2) narrow band resonant PAC (Physical Acoustics Corporation) AE sensors, 
i.e., PAC R15 and/or PAC R15a, as shown in Figure 2. These sensors are connected on 
a PCI-2 card via PAC 2/3/4 preamplifiers, with a gain of 40 dB. 

In order to better filter the noise during the recording of the AE activity, a threshold of 45 
dB is set for all the tested rock varieties, except the dolomitic marble “Volakas II” for which 
a threshold of 35 dB is set. 

The acquisition of the AE signals is performed in AE Win software (PAC 2009), and the 
postprocessing of the recorded signals in NOESIS v8.1 software (Mistras Group Hellas 2017). 


6 LABORATORY EXPERIMENTS 


Axial strain is calculated by recording the change of the axial distance of two aluminium rings 
attached on the specimens (Figure 2), measured by three LVDTs (Linear Variable Differential 
Transducers). A circumferential chain extensometer attached on the cylindrical specimens is 
employed for the measurement of the circumference changes, in order to calculate the radial 
strains (Figure 2b). It is noted that the loading of “Veria” marble is parallel to the plane of the 
material’s bands, along the Z-axis of Figure 3(1-a). A loading rate of 700 N/sec is set for 
“Nefeli” marble specimens, 750 N/sec is set for “Veria” marble, “Volakas IT” marble and 
“Apollon” limestone specimens, and 1000 N/sec is set for “Volakas Ariston I” marble. 

The acoustic emission sensors are attached on the specimens when these are placed on the 
servo-hydraulic frame, and they are fixed on them by rubber bands. Between the AE sensors — 
specimen’s interface, ultrasonic gel is applied as coupling material. 

The fracturing of “Veria” marble specimens (Figure 3(1-i)) consists of a diagonally devel- 
oped shear macroscopic fracture surface and chip detachment due to tensile fracturing along 
the marble’s bands. After reaching the 70% of the specimens’ peak strength, and mainly after 
their collapse, bituminous gas is released from the material’s pores. Finally, the specimens’ 
collapse is accompanied by a loud noise. 
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Figure 2. Laboratory apparatus on (a) prismatic (“Veria” marble) and (b) cylindrical (“Volakas Ariston 
I” marble) specimens, consisting of (a & b) two aluminium rings with three LVDTs, two AE sensors, and 
(b) a circumferential chain extensometer. 
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Figure 3. Laboratory specimens (a) before and (b & c) after the uniaxial compression test. (1) “Veria” 
marble, (2) “Nefeli” marble, (3) “Volakas Ariston I” marble, (4) “Volakas II” marble, (5) “Apollon” 
limestone. 
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The fracturing of “Nefeli” marble specimens (Figure 3(2-b) & Figure 3(2-c)) consists of diag- 
onally developed shear MFS, on which oblique zones of a conjugate system of shear zones 
(Gramberg 1989) are formed. Also, on some speciemens, a few chip detachment is noticed due to 
tensile fracturing. After reaching the 70% of the specimens’ peak strength, and mainly after their 
collapse, bituminous gas is released from the material’s pores. Finally, the specimens’ collapse is 
silent, without noise. The fracturing of “Volakas Ariston I” marble specimens (Figure 3(3-b) & 
Figure 3(3-c)) consists of axial shear MFSs, and the release of a noteworthy amount of powder. 
Also, chip detachment is noted due to shear fracturing. During the laboratory test, and mainly 
after the specimens’ collapse, bituminous gas is released from the material’s pores, much more 
perceivable than the one of the calcitic varieties. Finally, the specimens’ collapse is accompanied 
by a loud noise and the release of greater amount of powder. 

The fracturing of “Volakas II” marble specimens (Figure 3(4-b) & Figure 3(4-c)) consists of 
axial and inclined shear MFSs that split the specimen in two, while forming two opposite pyr- 
amidal pieces. Moreover, an extended chip detachment due to shear fracturing is noted, while 
a noteworthy amount of powder is released from the shear MFSs. As on the other dolomitic 
marble variety, during the laboratory test, and mainly after the specimens’ collapse, bitumin- 
ous gas is released from the material’s pores, much more perceivable than the one of the cal- 
citic varieties. Finally, the specimens’ collapse is accompanied by a loud noise. 

The fracturing of “Apollon” limestone specimens (Figure 3(5-b) & Figure 3(5-c)) consists of 
mainly axial and some inclined tensile MFSs that split the specimen in many small pieces and 
tensile chips. Quite a few of the tested specimens are not recognisable and reconstructable after 
their collapse, as their failure is accompanied by a sudden and instantaneous energy release, 
leaving behind (on the servo-hydraulic frame) only a few fragments. Typically, while applying 
high loads, chips detach from the large edges of the prisms, producing noise and causing reduc- 
tion of their cross-section, which is strongly reminiscent of the phenomena observed in under- 
ground mines and quarries where the exploitation is carried out by the room and pillar 
method. In addition, this material, unlike the above varieties of marble, does not contain bitu- 
minous gas. Finally, the collapse of the specimens is completed with a loud “bang” noise, due 
to their extremely explosive behaviour. It is noted, that due to the material’s explosive behav- 
iour, LVDTs are employed to determine the Young’s modulus in the specimens’ elastic region 
(Figure 1 — phase ii). Then, the specimens are unloaded, the LVDTs are removed, and only the 
AE sensors monitor the specimens up to their collapse. 

Figure 4 presents representative axial stress o (MPa) — axial strain £a (x10°3) curves of (a) 
the calcitic marble varieties and the limestone, where the crack closure region is essentially 
absent and the transition from phase ii to iii and from iii to iv is not so profound as on the (b) 
dolomitic marbles where region i is apparent for axial stress up to ~17-20 MPa, and the transi- 
tion from phase ii to iii and from iii to iv is more profound. 
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Figure 4. Representative axial stress o, (MPa) — axial strain ¢, (x10°) curves of (a) the calcitic marbles 
and the limestone, and (b) of the dolomitic marbles (a: “Veria” marble; b: “Volakas II” marble). 


Representative graphs of the applied axial stress (a, (MPa)) — time t (sec) (blue colour) curves 
on the primary ordinate, and AE Amplitude (dB) — time t (sec) or normalized cumulative AE 
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signals — time t (sec) on the secondary ordinate, are presented in Figure 5(1-x) for the calcitic mar- 
bles, and in Figure 5(2-x) for the dolomitic rocks. 
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Figure 5. Indicative graphs of the UCS tests (1: “Veria”? marble representing the calcitic marbles, 2: 
“Volakas II” marble representing the dolomitic rocks) where the uniaxial stress, o (MPa) — time, t (sec) 
curve is given on the primary ordinate (in blue) and (a) the amplitude (dB) — time, t (sec), or (b) the 
cumulative number of AE signals — time, t (sec) curve is given on the secondary ordinate (in red). 


Figure 5 presents two (2) different AE behaviours. On the first one (Figure 5(1-i)), referred 
on the calcitic marbles, there is a slight increase of the AE activity on early test stages, where 
10% of the total AE signals is recorded while reaching the ~15-25% of the peak applied axial 
stress (op). The successive AE signals are recorded on a steady rate, where 15-20% of the total 
AE signals is recorded while reaching 50-60% of cp. Then, the recording rate increases, being 
steady up to the peak applied axial stress o,. 

On the other hand, the AE activity of the dolomitic rocks is quite different (Figure 5(2-i)). 
Only few AE signals are recorded up to advance test stages, i.e., less than 5% of the total 
amount of AE signals is recorded up to ~70-80% of op. Then, there is a sudden increase of the 
recording rate, which occurs at the same time as the macroscopically observed fracturing that 
is accompanied by loud noises and fragments, as described above for the dolomitic rocks. The 
rest of the AE signals is recorded during the ~80-100% of op. 

Regarding the calcitic marbles, a gradient change of the normalized cumulative AE signals — 
time curve is noted, as well as an increase on the recording rate, at the cci and Geg stress levels 
of Figure 1. However, the gradient change at the o,; stress of the dolomitic rocks is lower than 
the one of the calcitic marbles, while the gradient change at the cea stress is higher. 

Finally, it is noted that the amount of recorded AE signals of the calcitic marbles is gener- 
ally higher than the respective of the dolomitic rocks. 


7 CONCLUSIONS 
In the current study, unconfined compressive strength (UCS) tests are performed on five 


(5) calcitic and dolomitic rock varieties quarried in Greece. During the laboratory tests, the 
acoustic emission (AE) activity is monitored and presented in the current paper. Two (2) 
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different behavioural types of AE activity are noted, one for the calcitic and one for the 
dolomitic rocks, which are presented and discussed herein. The recording rate of the AE 
signals changes during these tests, being interrelated to the applied axial stress as percent- 
age of the tested material’s peak strength. These phases are in agreement with the macro- 
scopic observations of the rock’s fracturing in the laboratory. By analysing the behavioural 
types presented herein, it is concluded that the monitoring of the laboratory tests by 
employing the acoustic emission analysis, is capable to interpret the fracturing phase of the 
rock specimen and to predict its forthcoming failure and collapse. 
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ABSTRACT: The role of Professor Marinos in the Athens Metro was multifarious from the 
early stages of the Project. During this period, little experience was shared among the Greek 
technical world with respect to urban tunnelling let alone in complex ground conditions. The 
technical expertise and scientific knowledge, in terms of engineering geology, was brought to 
the project by Professor Marinos. He implemented novel methodologies, the most important 
of which being the introduction of the engineering geological model in terms of behaviour 
against a given construction method. The work ethics of Professor Marinos is still the tool to 
approach, address and decipher the interaction between the engineering geology and the con- 
struction method. It has permeated through the specifications and contract documents of 
ATTIKO METRO S.A. and —most importantly— through the collective knowledge of numer- 
ous geologists and engineers that were directly or indirectly associated with his work. 


1 PROFESSOR PAUL MARINOS 


1.1 Academic and professional information 


Paul Marinos received a Mining Engineering degree from the School of Mines of the National 
Technical University of Athens, Greece, in 1966, a postgraduate degree in Applied Geology 
from the University of Grenoble, France, and his Doctorate in Engineering Geology from the 
same University in 1969. 
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He worked for French and Greek big design and construction companies until 1977 and 
then was elected as Professor at Democritus University in Northern Greece. From 1988 Paul 
Marinos was Professor of Engineering Geology in the School of Civil Engineering in the 
National Technical University of Athens and served as head of the Geotechnical Section of 
the School for several years. From 2001 to 2004 and from 2006 to 2008 he was the Director of 
a Graduate Course in Tunneling and Underground Construction. In his later years he was 
Emeritus Professor of the same University. 

For more than 40 years he acted as an independent consulting engineer in Engineering 
Geology and Geotechnics or as a member of panel of experts for important engineering struc- 
tures and infrastructure works around the world including the Metro of Athens. 


1.2 Personal achievements and awards 


Professor Marinos, in his many years of serving the field of engineering geology and geotech- 
nics, was awarded numerous prizes and elected in distinguished positions. He served as the 
President of the International Association for Engineering Geology and the Environment 
(IAEG) from 1994 to 1998 and was nominated and approved by IAEG as Honorary President 
just two days before his passing in October 2021. He also served as President of the Geological 
Society of Greece from 2004 to 2008. 

Paul Marinos was knighted in the order of “Palmes Académiques” from the French Repub- 
lic in 2014, awarded with the Hans Cloos medal from IAEG in 2001, selected for the 6" Glos- 
sop Lecture and medal of the Geological Society of London in 2002 and chosen as the 2010 
Jahns Distinguished Lecturer and award of the Geological Society of America and the Associ- 
ation of Engineering Geologists, being the first lecturer from outside North America, since the 
creation of the award in 1987. 


2 ATHENS METRO 


2.1 Project history 


Construction of the Athens Metro Base Project commenced in November 1992. This phase of 
the project was completed in 2000 and incorporated two lines with a total length of approxi- 
mately 13 km and 13 stations with Syntagma Station being an interchange between the two 
lines. Line 2 ran from Syntagma Station to Sepolia Station and Line 3 from Syntagma Station 
to Ethniki Amyna Station. The Base Project can be considered completed with the integration 
of the extension of Line 2 from Syntagma to Dafni in late 2000 and the extension of Line 3 
from Syntagma to Monastiraki in 2003 (Figure 1). 


2.2 Geological conditions - Bedrock 


The geology of Athens Metropolitan area is dominated by the Upper Cretaceous Athens Unit 
(Boronkay et al., 2019). The unit is traditionally divided into a series of meta-clastic and cal- 
careous formations. The stratigraphy of the Athens Unit is (from bottom to top): a) the 
Athens Schist, b) the intermediate formation, consisting of limestone, sandstone, marl and 
conglomerate and c) the upper Crest Limestone (Marinos et al., 1971). The Athens Schist is 
the most extensive formation of the Athens Unit being the bedrock of the Athens Metro Pro- 
ject in most cases. It is commonly divided into an upper formation, namely the Upper Athens 
Schist, and a lower one, the Lower Athens Schist (Figure 2). 

Upper Athens Schist consists mainly of alternations of metasandstones and metasiltstones. 
Limestones, calcareous sandstones, calcareous siltstones, schists (chlorite quartzitic, chlorite 
epidote, calcareous chlorite) as well as phyllites and calcareous phyllites are also encountered. 
The alternations comprise beds which may reach several meters in thickness for the hard rock 
(metasandstones) but usually are of the order of some decimetres. Even where metasandstones 
prevail, thin interlayers of weaker material (metasiltstones) are present in most cases. 
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Figure 1. Excerpt from the Athens Metro lines development plan (www.ametro.gr). 


Lower Athens Schist comprises shales, metasiltstones and metasandstones. Thin layers of 
calcareous metasandstones, chlorite schists as well as intercalations and lenses of quartz are 
also encountered. This alternations of rock types of variable strength, deformability and dur- 
ability characteristics creates a tunnelling environment that is complex enough even without 
the impact of tectonism. 

Athens Schist constitutes a tectonic nappe pile, formed during Upper Cretaceous (alpine) 
folding and thrusting. As a result, the rock mass usually exhibits intense fracturing even within 
its relatively competent members and shear zones are frequent in the form of cataclasites or 
clayey fault gauge. The formations are persistently folded and locally intensely folded. It is 
noted that, due to its weaker nature, the Lower Athens Schist was more vulnerable to tectonic 
deformation. As such, plastic deformation and shearing is more intense with shear zones of con- 
siderable thickness (of the order of some meters). In these shear zones the Athens Schist exhibits 
a chaotic structure with persistent metasandstone and quartz lenses “flowing” in a fissured 
clayey matrix. In many cases, due to the difference in brittleness between the upper and the 
lower formations, the transition is manifested by the presence of a shear (detachment) zone. The 
lower Athens Schist is considered the poorest rock mass when compared with the upper forma- 
tion, since its constituents, and especially the prevailing shales, are of a weaker nature. 


3 ADDRESSING THE CHALLENGES - CONTRIBUTIONS 


3.1 Involvement 


The role of Professor Marinos in the Athens Metro was multifarious from the early stages of 
the Project. During this period, little experience was shared among the Greek technical world 
with respect to urban tunnelling let alone in complex ground conditions. The combined adver- 
sities led the project participating bodies, owner, contractor and designer, to seek technical 
expertise and scientific knowledge that, in terms of engineering geology, was brought to the 
project by Professor Marinos, the lead engineering geology consultant of ATTIKO METRO 
S.A. from 1995 until his passing. The geology of Athens definitely imposed problems but it 
also proved to be a privilege for the engineering geologists to “learn the ropes” and succeed 
into addressing these problems. 
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Figure 2. Contact of greyish green metasandstone of Upper Athens Schist (upper part of tunnel face) 
with black grey clayey shale of Lower Athens Schist. Note the abundant, white, folded, quartz lenses of 
the lower part of shale. Single-track tunnel (~6 m dia.) excavation face — Line 3, “Monastiraki” - “Kera- 
mikos” interstation. 


3.2 The importance of behaviour 


One of the first things that was introduced by Professor Marinos to the Project and arguably 
the one with the heaviest impact upon it was the increase in the significance of the rock mass 
behaviour against a given excavation method. Being either single shield Tunnel Boring 
Machine (TBM), which was the primary excavation method for the Base Project, Open Face 
Shield (OFS) or conventional tunnelling, the Professor highlighted that, apart from the geo- 
technical parameters, the behaviour of the rock mass was the compelling factor behind 
a successful or problematic excavation. 

The behaviour of the rock mass, i.e. the way in which it will respond and fail or 
remain stable with respect to the excavation method, primarily depends on the quality of 
the rock mass and in particular its degree of fracturing and the conditions of its 
discontinuities. 

Professor Marinos realized that from the available rock mass classification schemes at that 
time, the one that suited better the Athens Schist was the Geological Strength Index (GSI, 
Figure 3), firstly introduced by E. Hoek (1994). According to Hoek and Marinos (2007): “By 
1995 it had become increasingly obvious that Bieniawski’s RMR is difficult to apply to very poor 
quality rock masses and it was felt that a system based more heavily on fundamental geological 
observations and less on ‘numbers’ was needed. This resulted in the development of the Geological 
Strength Index GSI which continues to evolve as the principal vehicle for geological data input 
for the Hoek-Brown criterion.”. 

In 1998, the range of the Geological Strength Index (GSI) was extended to include 
extremely poor quality rock masses and this extension was primarily based on the Athens 
Schist (Hoek et al., 1998) especially the weakest of its members in Monastiraki station area 
and was published again in its final form in 2000 (Marinos and Hoek). The most important 
aspect of the GSI is that it does not only return a number but also provides information 
regarding the fracture and disturbance state of a rock mass, i.e. its structure, as well as the 
condition of the discontinuities. 

In this context, the proper classification of the rock mass was used to assess the behaviour 
against tunnelling. As an example, three rock masses with identical GSI values (as an example, 
20 - 25) may exhibit completely different behaviour when excavated. A Laminated/Sheared 
rock mass would probably exhibit shear failure, a Disintegrated rock mass would possibly fail 
in the mode of ravelling ground whereas a Very Blocky rock mass would only be susceptible 
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GEOLOGICAL STRENGTH INDEX FOR 
JOINTED ROCKS (Hoek and Marinos, 2000) 


From the lithology, structure and surface 
conditions of the discontinuities, estimate 
the average value of GSI. Do not try to 
be too precise. Quoting a range from 33 
to 37 is more realistic than stating that 
GSI = 35. Note that the table does not 
apply to structurally controlled failures. 
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Figure 3. Geological Strength Index for jointed rock masses. The bottom line (Laminated/Sheard structure) 
was introduced in 1998 primarily to allow for the classification of the poor quality Lower Athens Schist. 


to geometrically control instabilities.This approach allowed for the proper addressing of chal- 
lenging conditions ahead of the TBMs, most typically with ground improvement where it was 
deemed necessary. This also assisted in similar approach for conventional tunnels, especially 
those of increased dimensions such as the Monastiraki station main cavern. 


3.3 Quantifying the rock mass 


The heterogeneity of the Athens Schist and its varied degree of disturbance imposed difficul- 
ties in retrieving representative samples for the execution of laboratory tests. Even when this 
was achieved, the interpretation of these tests and the derivation of design parameters for the 
tunnelling works was extremely difficult in terms of transposing the laboratory test values on 
intact or semi-intact rock into rock mass values. 

The Hoek and Brown failure criterion was the tool for overcoming this problems but 
became the tool only after the GSI, as mentioned in the previous paragraph, allowed for the 
realistic and as accurate as possible quantification of the engineering geological conditions. 


3.4 Core logging and engineering geology 


The need for a sound understanding of the engineering geological condition of the rock mass 
drove toward the incorporation of engineering geological aspects into the description of inves- 
tigative borehole cores. At the early stages of the Project, most borehole logs provided rela- 
tively detailed lithological and stratigraphic information, as well as the results of laboratory 
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and in situ tests but with respect to engineering geological information, the information was 
typically limited to the Rock Quality Designation (RQD) which, as was the case with RMR, 
did not allow for the proper description of poor quality rock masses. Professor Marinos 
insisted and encouraged the improvement, to the point of perfection, of core recovery prac- 
tices in order to obtain samples so undisturbed that even the infilling of the discontinuities or 
the micro-fracturing matrix could be retained. 

Nowadays, the core logging of boreholes for the Athens Metro Projects contains all possible 
engineering geological information, the GSI included obviously, as this need has been incorp- 
orated into ATTIKO METRO S.A. specifications and SOPs. In fact, the relative article of the 
specifications is titled: “Engineering Geological Description of Borehole Cores” and provides 
step-by-step instructions for the recording of all possible engineering geology related informa- 
tion such as rock strength, degree of weathering of both the intact rock and the rock mass, 
GSI, RQD, discontinuities’ data, rock texture etc. 


3.5 Engineering geological model 


It had always been Professor Marinos’ view that the construction team should have access to 
a comprehensive, sound and user-friendly representation of the expected engineering geo- 
logical conditions and potential problematic areas along a tunnel axis. The answer to that was 
the implementation of a full modelization of the ground conditions into an engineering geo- 
logical longitudinal section, the engineering geological model (Figure 4), with a composite 
example of which presented in Figure 5. 
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Figure 4. Excerpt from the engineering geological model of interstation Syntagma - Olympion (Akro- 
poli) of Line 2. This section is an early (1997) example of hand-crafting and not a CAD environment, 
typical of the early periods of the Base Project. Note the assessment bars of excavation risk (overbreaks, 
hazard at the pilot tunnel, existence of ancient wells etc., and the conclusion) at the bottom of the engin- 
eering geological section. 


This section incorporated all available information regarding the excavation conditions, 
including the expected behaviour of the rock mass against a given excavation method, TBM, 
OFS, conventional and -at later Athens Metro Projects- Earth Pressure Balance TBMs 
(EPB-TBMs). During the Base Project, this process was undertaken simultaneously with the 
actual excavation. In particular, the engineering geological models for each TBM 
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interstation were being compiled just before the commencement of the excavation sequence 
or, in some cases, even during the sequence, in a manner resembling laying the tracks in 
front of an advancing train. This was necessary since ground investigation data was con- 
stantly being updated in the form of additional boreholes or even pilot tunnels of smaller 
diameter that also served, when needed, as ground treatment access galleries (Figure 5). 
After the Base Project, this process was formalized and engineering geological models were 
being produced typically before the bidding stage, to allow for the proper compilation of 
contractual documents such as the time schedule, the technical description and, of course, 
the budget. 
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Figure 5. Above: Combined engineering geological models of 7 TBM interstations of Line 2. This section 
is an integration of the more detailed engineering geological models that had been compiled for each inter- 
station. Here, only the expected behaviour against the tunnel excavation is presented in a comprehensive 
manner. Below: Ground treatment required and implemented for the same stretch of Line 2. 


3.6 TBM selection 


The existence of a proper engineering geological model, that contained all previously men- 
tioned information regarding the expected conditions of a tunnel, allowed for the evaluation 
of the ground data with respect to the most effective excavation method. After the completion 
of the Base Project, ATTIKO METRO S.A. shifted towards the use of pressurized face TBMs 
such as EPBs which were becoming available in the late 1990’s. This shift mostly relied on 
experiences drawn from the performance of the single shield TBMs and the OFS of the Base 
Project but the technical and scientific backup came from the implementation of risk assess- 
ment schemes for the extensions thereafter.These risk assessments confirmed the need for the 
utilization of active face support TBMs (closed-face TBMs) and also provided important 
information with respect to the most effective TBM type -typically a choice between EPB and 
Slurry TBM- and the mode of operation of the closed-face TBM (Figure 6). The latter is of 
great importance to the time schedule of a project since an EPB operating in open mode has 
a significantly increased production rate and exhibits less wear and tear due to reduced 
friction. 
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Figure 6. Extension of Line 2 to Helleniko. Risk assessment against mechanized tunnelling method 
with respect to TBM type and EPB mode of operation. 


3.7 Technical and contractual assistance 


The contribution of Professor Marinos in the Athens Metro permeated through all levels of 
the Project. His involvement during construction was both continuous and invaluable. He was 
always being consulted in technical issues regarding the implementation of the design and the 
verification of the conditions upon which it relied. His on-site visits were regular as he always 
wanted to have first-hand view of issues and a constant flow of technical notes and sugges- 
tions were typically handed to ATTIKO METRO S.A.’s geologists and engineers but also to 
the management when these regarded critical construction risks associated with engineering 
geological issues. Athens Metro, being an urban tunnelling project, relies heavily on the collec- 
tion of monitoring data in order to assess the response of the ground within and around the 
construction zone of influence. The assessment of this interaction between the excavation and 
the surrounding rock mass was always an issue that the professor’s consultation was seeked. 

All of Professor Marinos’ contributions and innovations in the Athens Metro found their 
way in the specifications of ATTIKO METRO S.A. for future and ongoing projects. The core 
of the demands of the specifications with respect to the engineering geological assessment of 
the ground conditions as well as the interpretation of monitoring data has been greatly influ- 
enced and in many cases dictated by the manner in which he approached these issues. 

Additionally, his technical expertise proved of paramount importance in claims and arbitra- 
tions regarding engineering geological problems during construction. Finally, alone or as part 
of panel of experts, typically invited in by himself, he assisted ATTIKO METRO S.A. in the 
tender phase of significant projects such as the Base Project, the extension of Line 3 to 
Piraeus, the Metro of Thessaloniki and others. 


4 CREDITS 


If one were to summarize the key contributions of Professor Marinos to the Athens Metro 
these would be: a) the upgrading of contractual documents and contractual geological 
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baselines to an exemplary level for international standards in matters of geology/construction 
issues, b) the creation of a common language between the scientific and construction domains, 
c) the creation of a pioneering in-situ inspection routine to inter-connect and achieve a fine- 
tuning of engineering geological information and its construction consequences, d) highlight- 
ing the pivotal role of engineering geology in successful, on-time and on-budget construction, 
e) highlighting the irreplaceable and critical condition of the on-site engineering geological 
assessment of a project and f) the creation of a climate of competition and interaction with the 
international construction community for the promotion of the Athens Metro in the vanguard 
both academically and in terms of engineering construction development. The latter was sup- 
ported by approximately 20 papers published in scientific magazines and conferences. 


Figure 7. Paul Marinos visiting the Athens Metro Project. Left: Akropoli - Syngrou/Fix interstation 
(1997), center: extension of Line 3 to Egaleo (2005), right: inside the EPB - extension to Piraeus (2016). 


5 EPILOGUE 


Perhaps the legacy of Professor Marinos is most profoundly demonstrated not in terms of 
reports and documents but by his work ethics and his ability to focus on the bigger picture, pin- 
pointing the important aspects of a given condition. And -of course- in the way in which he con- 
veyed his way of thinking to his colleagues and everyone that worked or interacted with him. 

The authors wish to thank the management of ATTIKO METRO S.A. for giving them the 
opportunity to publish this paper. 
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ABSTRACT: One of the main problems in underground excavations regarding geotechnical 
monitoring, especially when excavated with drill and blast, is the late installation of the instru- 
ments, namely convergence’s sections. Due to the applied construction methods, the minimum 
distance, defined on Monitoring and Observation Plans, to which the convergence profiles 
must be installed, is usually exceeded. This situation has been repeatedly alerted by the 
Designers, who refer the loss of information of early and main deformations. A methodology 
for estimating convergences from the excavation instant to the beginning of the convergences 
readings is presented, by mathematical modelling of time-history convergence data. The pro- 
posed approach is applied to a case study in the North of Portugal: the 1346 m length and 
7.4 m diameter Access Tunnel in the Venda Nova HI Hydroelectric Scheme. An attempt to 
correlate these results with the RMR and Q was made. This approach can be used both in the 
construction phase and in the design phase, to predict the behavior of deformations and opti- 
mize production cycles and rock supports. 


1 INTRODUCTION 


One of the works included in the geological-geotechnical follow-up of the excavations for the 
new repowering of the Venda Nova hydroelectric system (Venda Nova II) involved conver- 
gences monitoring and the geological-geotechnical characterization including geomechanical 
classifications, like RMR and Q. 

The design of this project was based on the Norwegian Tunnelling Method (NTM). During 
the construction, the Observational Method was applied, which allowed great flexibility 
regarding the flexible support and excavation methods, through its adaptation to the real 
behavior of the rock mass. 

The need for the work presented in this article arises in this context, intends to estimate the 
real displacements (from the moment of excavation, and not only from the moment we initiate 
the convergence mesures) and determine possible relations between deformation velocities and 
maximum displacements with empirical parameters, collected during the geological and geo- 
technical survey, such as geomechanical classifications (RMR and Q). 

The presented methodology aims to contribute both the increase of knowledge in the exca- 
vation phase, by proposing a tool that can be used cyclically and bidirectionally both in the 
construction phase and in the design phase. 


DOI: 10.1201/9781003348030-41 
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2 CASE STUDY: VENDA NOVA III’S CONSTRUCTION AND ENERGY TUNNEL 
(CET) 


2.1 Site location 


Venda Nova III Repowering scheme is in the north-western region of Portugal, within the 
Cavado river mountainous basin, the Portuguese region with the highest rainfall values 
(Figure 1, upper left corner). Like the first repowering scheme, Venda Nova II/Frades (Lima 
et al., 2002), Venda Nova III is mostly built underground in the granite rock mass of the Raba- 


gao river left bank (Oliveira et al., 2011). Both hydraulic circuits are represented in Figure 2. 


The Construction and Energy Tunnel (CET) of Venda Nova III has 1346 m long, with 
a unlined section of approximately 48 m2. For sections with RMR < 20, a larger excavation 


section was defined (8.25m high and 7.64 m width) for a concrete lining to be applied. 


Figure 1. Venda Nova II and HI hydraulic circuits scheme (Marques et al. 2017). 
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Figure 2. Construction and Energy Tunnel (CET) of Venda Nova III profile. 


2.2 Geological and geotechnical conditions 


The excavation mostly cut middle to coarse grained porphyritic granite and highly fractured 


and medium to non-weathered Gerés facies granite (Figure 3). 
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Granites and sintectonic 
granitoids 


Figure 3. Extract from the Geological Map of Portugal, scale 1:50000, 6-A, Montalegre with the Venda 
Nova II and III layouts in yellow, and the Construction and Energy Tunnel layout in blue (Matos, 2014). 


2.3. Tunnel support 


All tunnels in Venda Nova III were excavated using smooth blasting and specific rock sup- 
ports were applied progressively with the excavation. For the CET, 4 types of rock support - 
A, B, C and D - were defined by the Designer (Figure 4): Swellex’s bolts for primary support 
(with variable length and spacing depending on the geotechnical classifications); reinforced 
shotcrete with metallic fibers, with variable thickness between 5 (type A), 10 cm (type B) and 
15 cm (type C), depending on the geomechanical classifications); steel rock bolts (variable 
length and spacing, depending on the geomechanical classifications); steel ribs (for RMR < 20, 
type D in Figure 4d)). Concrete lining was applied on the sections with RMR < 20, corres- 
ponding to approximately 2% of the total length of the tunnel. 


a) Type A: for RMR > 80 b) Type B: for 80 > RMR > 50 


c) Type C: for 50 > RMR > 20 d) Type D: for RMR < 20 
Figure 4. Rock support in CET. 
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2.4 Monitoring method 


For the control of the deformations of the support-rock mass set, an optical topographic 
system was used. Profile sections (Figure 5) were installed in normal sections to its axis, with 
a spacing of 20 meters (or less depending on the quality of the rock mass), with 3 observation 
points (1 in each wall and | in the vault) thus measuring the variations of 3 directions (2 
inclined and one horizontal). 


Figure 5. A typical convergence profile of CET. 


Since the horizontal convergence (C1-2) is the one that presented the highest displacements, this 
will be the representative convergence for the analysis that will be carried out in the next chapters. 


3 TOTAL CONVERGENCE ESTIMATION BY NON-LINEAR EXPONENTIAL 
REGRESSION 


By observing the historical graphs of the convergence readings obtained over time from the 55 
horizontal convergence profiles (example of the section Km 0+374 in Figure 6), it is possible 
to verify that most of the measurements have a curve with an initial accentuate slope (since 
first measure initial), which over time tends to reduce and stabilize around a cumulative dis- 
placement value. 
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Figure 6. Convergences over time at Km 0+374. 


This nonlinear behaviour observed in convergences is in line with the expected behaviour in 
rock masses of this nature and is supported in mathematical terms by the theory explained by 
the characteristic curves. Except for a few profiles that showed very small displacements over 
time, and that do not show any significant trend or high magnitude initial velocities in 
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displacements, most show a behaviour that approaches exponential decay, which is repre- 
sented by the following expression: 


Y(x)= C+e(BO+B1 x) (1) 


Where C is the maximum value reached by the decay (stabilization level), B1 the rate of 
decay, and BO the value of Y when x=0 if C=0. Applying the expression to the case of dis- 
placements of convergences over time, from the moment of excavation: 


5(t)=djim-+e(B0 (BI) (2) 


Where 6jim is the maximum accumulated displacement value, B1 the rate of convergence 
before reaching 6);, and t is the time. 

Taking this model into account, exponential nonlinear regressions were calculated for each 
of the convergence profiles, to obtain the exponential decay parameters. The expression 
obtained by non-linear exponential regression for the input values of convergences, where the 
beginning of the readings does not coincide with t=0 (moment of excavation) but with Y=0 
(1st reading of the convergences), is then: 


Bt) = aim + €B*EHD) = > S(t) = dons + eB (3) 


where 8’jim is the maximum accumulated displacement value obtained by linear regression and 
whose value approximates the observed maximum accumulated displacement (ops). Thus, to 
obtain the maximum accumulated displacement since excavation (max) it is necessary to 
determine the accumulated displacement at time t=0 (5(t=0)). Once this value is obtained, the 
total displacement since the excavation (max) corresponds to the sum of the parcels &’iim and 6 
(t=0), as can be explained by Figure 7. 


Displacement (mm) 


-14 —— =a 
0 + 50 100 150 200 250 300 350 


Begining of readings (tas) No. of days after excavation 


Figure 7. Graphical determination of the maximum cumulative displacement (max). 


The result obtained in the non-linear regression of each profile is shown in table 1, which 
includes information on the coefficient of determination (R°) of each of the determined 
regressions. 
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Table 1. 


Km 


18 
38 


540 


Observed 
cumulative 

displacement (mm) 

Sots 

-2,6 

-2,4 

-1,7 

-9,0 

-3,8 

-1,2 

-11,6 

-5,9 

-5,4 

-4,0 

-9,6 

-18,7 

-2,8 

-5,7 

-4,9 

-6,0 

-25,0 

-11,9 

-7,6 

-6,0 

-6,4 

-10,4 

-1,1 

-4,4 

-0,5 

-5,1 

-1,9 

-4,2 

-6,1 

-20,9 

-1,0 

-8,4 

-3,2 

-2,8 

-3,3 

-4,6 

-2,9 

-6,0 

-6,8 

-3,7 

-4,4 

-11,7 

-8,8 

-10,4 

-34,8 

-15,1 

-22,9 

-5,0 

-26,8 

-11,4 

-2,0 

-3,1 

-3,6 

-9,0 

-5,4 


RMR Q 


43 
40 
37 
48 
29 
58 
52 
54 
57 
55 
49 


0,72 
0,29 
0,26 
0,94 
0,05 
3,00 
8,50 
2,00 
3,00 
2,83 
1,67 
0,14 
0,63 
1,89 
0,42 
0,05 
0,04 
0,04 
1,67 
2,00 
3,17 
0,59 
2,50 
9,00 
37,50 
4,17 
0,52 
2,78 
3,15 
2,22 
15,83 
0,83 
1,33 
0,48 
0,67 
1,42 
0,73 
0,51 
1,25 
0,55 
0,59 
1,25 
0,73 
1,26 
0,13 
0,04 
1,78 
1,00 
1,89 
2,67 
0,60 
0,17 
0,06 
0,81 
12,50 


Rock 
support 
type 


w|0]/0|9/9|73|%/0|%|59 (on lon lon Lollollonl-s lel lonlol lol loli--2i--21--1 lol lon loni--2i--2r a l--2 1-2 Lod l--2 id Lou iod Lod lod lon i--3 lon ton lolt--ni--3 1-2 i--2 1-3 Lol Lon lon lol le) 


Days since 
excavation and 
beginning of 

ings 


Distance to front Exponential decay parameters 


at the beginning 
of readings (m) 


45,0 
25,0 
41,5 
49,0 
31,2 
53,0 
33,0 
41,3 
34,4 
33,0 
13,0 
49,0 
28,0 
42,0 
37,8 
145,0 
56,0 
135,0 
59,0 
41,5 
74,0 
53,0 
37,0 
59,5 
62,0 
40,0 
54,0 
74,0 
44,0 
100,0 
61,0 
43,5 
49,0 
31,0 
37,0 
32,5 
29,0 
26,5 
64,0 
59,0 
144,0 
39,0 
29,0 
104,0 
28,0 
114 
38,0 
83,0 
40,0 
37,0 
32,0 
48,4 
38,4 
28,4 
55,2 


340 


dim 


-1,360 
-2,159 
-3,260 
-6,646 
-3,495 
-0,880 
-9,710 
-5,528 
-4,753 
-4,251 
-9,672 
-16,614 
-3,804 
-5,645 
-4,052 
-5,251 
-22,402 
-10,275 
-5,147 
-4,437 
-5,493 
-11,022 
-1,625 
-4,697 
-0,624 
-5,439 
-2,197 
-4,112 
-5,936 
-18,510 
-1,866 
-6,557 
-2,764 
-2,243 
-7,640 
-4,071 
-2,571 
-4,845 
-5,884 
-5,578 
-6,778 
-10,640 
-7,298 
-14,708 
-28,849 
-12,868 
-21,381 
-4,152 
-24,692 
-10,663 
-2,002 
-2,678 
-3,584 
-8,109 
-3,578 


Bo 


0,478 
0,770 
1,128 
1,885 
1,251 
-0,121 
2,412 
1,602 
1,619 
1,704 
2,548 
3,344 
1,954 
1,550 
1,305 
3,063 
3,590 
3,042 
1,749 
1,509 
1,640 
2,547 
0,851 
1,514 
0,390 
1,815 
0,683 
1,579 
1,889 
3,167 
0,445 
1,922 
1,154 
0,913 
1,874 
1,683 
1,125 
1,675 
1,718 
1,608 
1,775 
2,552 
2,179 
2,634 
3,952 
2,541 
3,304 
1,620 
3,325 
2,584 
1,084 
1,196 
1,515 
2,399 
1,223 


-0,008 
-0,010 
-0,010 
-0,014 
-0,007 
-0,004 
-0,010 
-0,002 
-0,008 
-0,020 
-0,040 
-0,029 
-0,076 
-0,002 
-0,008 
-0,034 
-0,030 
-0,023 
-0,006 
-0,005 
-0,004 
-0,023 
-0,002 
-0,005 
-0,027 
-0,016 
-0,002 
-0,016 
-0,021 
-0,015 
-0,002 
-0,027 
-0,016 
-0,011 
-0,001 
-0,019 
-0,005 
-0,022 
-0,002 
-0,001 
-0,001 
-0,024 
-0,026 
-0,001 
-0,064 
-0,005 
-0,047 
-0,022 
-0,026 
-0,029 
-0,002 
-0,014 
-0,027 
-0,047 
-0,010 


t=0 


0,253 
0,002 
-0,170 
-0,057 
-0,001 
0,006 
1,441 
-0,565 
0,297 
1,243 
3,107 
11,706 
3,256 
-0,935 
-0,364 
16,136 
13,821 
10,664 
0,604 
0,086 
-0,339 
1,742 
0,717 
-0,154 
0,854 
0,699 
-0,218 
0,736 
0,679 
5,222 
-0,305 
0,278 
0,407 
0,249 
-1,123 
1,311 
0,508 
0,494 
-0,313 
-0,584 
-0,878 
2,187 
1,537 
-0,773 
23,184 
-0,181 
8,403 
0,902 
3,100 
2,583 
0,955 
0,627 
0,966 
2,905 
-0,181 


Input data and exponential regression results for the 55 convergence profiles. 


Calculated total 
displacement since 
excavation (mm) max 


-2,9 
-2,4 
-1,5 
-8,9 
-3,8 
“12 

-13,0 
-5,3 
a51 
-5,2 

-12,7 

-30,4 
-6,1 
-4,8 
-4,5 

-22,1 

-38,8 

-22,6 
-8,2 
-6,1 
-6,1 

-12,1 
-1,8 
-4,2 
-1,4 
-5,8 
-1,7 
-49 
-6,8 

-26,1 
-0,7 
-8,7 
-3,6 
-3,0 
-2,2 
-5,9 
-3,4 
-6,5 
-6,5 
31 
-3,5 

-13,9 

-10,3 
-9,6 

-58,0 

-14,9 

313 
-5.9 

-29,9 

-14,0 
-3,0 
-3,7 
-4,6 

-11,9 
-5,2 


R? 


0,69 
0,83 
0,79 
0,86 
0,88 
0,55 
0,94 
0,88 
0,92 
0,83 
0,90 
0,96 
0,85 
0,88 
0,86 
0,94 
0,96 
0,94 
0,90 
0,90 
0,92 
0,96 
0,72 
0,90 
0,52 
0,96 
0,76 
0,88 
0,96 
0,94 
0,61 
0,85 
0,85 
0,86 
0,69 
0,96 
0,86 
0,88 
0,86 
0,84 
0,79 
0,94 
0,92 
0,92 
0,84 
0,94 
0,98 
0,88 
0,98 
0,96 
0,74 
0,77 
0,56 
0,96 
0,86 


Figure 8 present one of the graphical calculation of the exponential regressions for a profile 
with a coefficient of determination greater than 0,90. 


PK 0+211 
Displacement = 16.61 + e255-0.03*Days 


Displacement (mm) 
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Figure 8. An example of a regression graphic with R? > 0.90. 


4 TOTAL CONVERGENCE CORRELATION WITH GEOMECHANICAL 
CLASSIFICATIONS 


After calculating the total displacement from the horizontal convergence profiles obtained 
through exponential nonlinear regression, it is important to verify if there is any correlation 
between this total displacement and the geomechanical classifications determined, in order 
to obtain an expression where max 1s a function of RMR or Q value. The first step is to 
define which convergence profiles should be considered for this analysis, that is, define the 
cut-off value in the coefficient of determination R3 from which the profiles are representa- 
tive and which best explain the model that determines the displacement total since the 
excavation. 

Taking into account the coefficients of determination above 0.90, and projecting the RMR 
values as a function of the maximum displacements obtained with the exponential regression 
for each profile, there is a significant improvement in the results of the correlations between 
the empirical classifications (with more expression in the Barton classification) and the max- 
imum displacements accumulated in the convergences, when the displacements obtained from 
nonlinear exponential regressions with successively larger R? are considered. 

The expressions to determine the maximum displacement of a tunnel section as a function 
of RMR and Q values (number of samples = 19) are: 


Omax = 7.08 In(Q) — 13.962, with R? = 0.87 (4) 
Omax = 0.33RMR — 24.67, with R? = 0.62 (5) 


where the expression using the Q value explains better the results of the maximum 
displacements. 


341 


5 CONCLUSIONS 


It was possible, through non-linear curve fitting (exponential decay) of the results for horizon- 
tal convergence monitoring over time, to determine the maximum displacements of the Con- 
struction and Energy Tunnel of Venda Nova III. 

However, the dispersion of data is significant and that, therefore, the results of this essay 
should be viewed critically: The causes associated with this dispersion of results in most profiles 
(considering a cut-off value of 0.90) may have several causes, namely a very small study sample 
and other variables (difficult to control) that were not considered in this analysis, specifically: 


1) very small deformations of the rock mass; 

2) redundancy problems in topographical readings of convergences considering the number of 
readings performed and the associated error with each reading (< +lmm), which becomes 
more evident the smaller the total displacement is; 

3) convergence readings beginning after the total support application (primary + secondary/ 
final support), even if the installation of the convergence section is due on time (destruction 
of at least one of the control points for convergence by the blast when too close of the front); 

4) support reinforcements and rock mass treatment measures not foreseen; 

5) significant modification of the original excavation section (overbreak and geometry 
modifications); 

6) over- and under-sizing of the rock support (excavations with insufficient temporary pri- 
mary support, with consequent subsequent problems) 


For further use of the proposed methodology and its results, a significant increase in the 
number of samples (convergence profiles) becomes imperative, as well the introduction of 
more than one direction of convergence measures. 

In the future, it would be also interesting to relate each parameter obtained with the non- 
linear exponential regression - im, BO and B1 - with the geomechanical classifications, so that 
from the RMR or Q, we could estimate, at any instant of time after excavation, the displace- 
ment that would possibly occur in a certain convergence profile. 
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ABSTRACT: The GIS represents an effective and useful digital tool for managing various 
types of information in order to be able to use it as required. In this context, a geological 
portal has been created within TELT since the beginning of 2000s on a GIS basis in order to 
classify, sort and record all geotechnical/geological parameters. The IT portal is set up with 
a database in an SQL Server and a GIS mapping representation. It has been populated over 
time with data from the different project phases which have characterised the Lyon-Turin pro- 
ject. The database includes data from exploratory investigations, measurements of the water 
resources in the areas involved in the new railway line and data from the construction of the 
first underground works (face surveys, excavation progress, geotechnical monitoring, TBM 
excavation parameters). Within this huge information structure, data is organised with a WBS 
or Work Breakdown Structure. The breakdown of the base tunnel into smaller, identifiable 
elements allows the huge mass of data to be better tracked and organised and to make infor- 
mation accessible to all operators on a common dictionary basis. In addition, the possibility 
of using a single structure allows to avoid duplication and the exponential growth of available 
data. In conclusion, the organisation of GIS data according to a single WBS becomes particu- 
larly important in big projects in order to create lean tools capable of responding in an 
increasingly efficient and effective manner. 


1 INTRODUCTION 


Telt, the public promoter in charge of the construction and operation of the cross-border sec- 
tion of the Lyon-Turin line, is now right in the middle of the final works. In addition to the 
construction of the main work (the 57.5 km-long Mont Cenis Base Tunnel), a lot of specific 
construction sites have been put in place for other works to ensure the functionality of the 
main work (e.g. safety sites, connection branches, technical caverns, ventilation shafts, inter- 
national railway stations). Therefore, the company’s objectives have shifted from those of the 
studies and construction of preliminary works, such as access works to the main work (Saint- 
Martin-La Porte 2,329-m-long access adit + 1,745.5-m-long access adit 3a, La Praz 2,480- 
m-long access adit, the Modane 4,036-m-long access adit) and exploratory tunnels (on Italian 
territory the 7,020-m-long Maddalena tunnel and on French territory the 10,583-m-long 
Saint-Martin-La-Porte tunnel) to those of the final works. And if the nature of the technical 
data coming from the study phase does not roughly change for the works phase (tunnels, 
geognostic surveys, geotechnical monitoring systems), the way data are managed and the need 
for their usability do. For this reason, the technical data that populate Telt’s geological/con- 
struction IT system are enhanced and organised by the WBS attribute. 
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2 PORTAL DESCRIPTION 


TELT’s geological/construction portal is an example of advanced interfacing between the 
functionalities of a web portal based on a relational database and a consultation tool such as 
GIS. It was created to provide the company with a single system (for Italy and France) where 
technical data could be uploaded and used in a simple, fast and effective manner for the pur- 
pose of near real-time monitoring of the progress of construction sites by the Project owner. 

Since the 2000s, TELT has pursued the evolution of this tool as a solution for collecting 
and consulting data of a geological, geotechnical, geophysical, cartographic, water monitoring 
nature, data from geognostic and environmental surveys carried out on the surface, and data 
from underground excavations, such as face survey, excavation progress, instrumented sec- 
tions, and mechanised excavation machine parameters. All surface data are georeferenced 
according to the international (metric) reference system UTM WGS 84 and in the local system 
of LTF2004c, whose name goes back to the former name of the Telt company. Underground 
data, on the other hand, are linked to the metric progressions of the tunnels. Therefore, it is 
possible to view the data on a map system where search and consultation are also possible 
thanks to the webgis functionality. 

On the TELT portal the webgis projects have followed the realisation of the different prelimin- 
ary works (e.g. La Praz adit) and the various project phases (e.g. Final Reference/Variant Project). 

Specific cartographic projects were also realised for the consultation of all the information 
stored (surveys, springs, investigations, etc.). 

At the moment, cartographic projects have been configured to follow the implementation 
of the final works by subdividing the projects by operational construction sites. 

The data on the portal are stored in a relational database first based on the Oracle RDBMS 
database, which was updated and migrated, in a second phase, to the SQL Server Enterprise 
2016 RDBMS. 


TELT Server Structure 


TELT Network Organization 
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Figure 1. TELT server structure. 


At present, there are more than 5,000 measurement points with related information on the 
geological/construction portal database, broken down as follows. 
For the excavation of the underground works already completed there are to date: 


e Progress for 30 km of excavation as at 31 August 2022 
e 5,600 face surveys 
e Excavation parameters of 2 TBMs for a total of 48 million data records 
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Table 1. Number of measuring points. 


Type Number 
Geological surveys 1536 
Water points (springs) 1148 
Instrumented sections 1877 
Environmental surveys 108 
Geophysical surveys 151 
In-situ tests 26 
Tracing points 68 


Surface Water Bodies 67 


With regard to the cartographic information on the database, the software used is ESRI. 
The cartographic information was organised in the geodatabase by configuring the data with the 
ArcSDE tool, which later became ArcGIS Server, and providing a visualisation based initially on 
ESRI ArcIMS and subsequently on ESRI ArcGIS Server version 2016 and ArcGIS Portal 10.6. 
The TELT database is loaded with data from manual uploads as well as data from auto- 
matic procedures. 
In particular, for 2 tunnels excavated using the mechanised method, the TELT geodatabase 
allowed the real-time loading of TBM parameters and a consequent automatic update of the 
cartographic view to show the excavation progress of the works. 


Figure 2. Excavation progress on webgis. 


One of the ways of consulting the data is by means of graphs. This mode allows checking 
the progress based on the excavation time or progress for the machine parameters of the 
TBMs, and on the time for information related to geomechanical parameters of the face sur- 
veys, the water flow rate of the springs and the water flows in the tunnels. 

Uploading data onto the portal involves a distinction of roles between those who upload the 
data, those who verify it, and those who use it for consultation. The upload phase is carried out by 
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the site operators and construction management, a subsequent verification phase is carried out by 
TELT to ensure the consistency of the uploaded information with the needs of the TELT portal. 


3 THE TELT WBS 


The backbone on which the data on the portal is organised is the WBS, i.e. the Work Break- 
down Structure. 

The WBS of TELT is a hierarchical structure created to organise and manage the works of 
the cross-border section including: 


— the works in the Saint-Jean-de-Maurienne plain with the international station, the connec- 
tion to the Historic line and the crossing of the Arc and Arvan rivers; 

— the Mont Cenis cross-border base tunnel through the Saint Martin la Porte, La Praz, Vil- 
larodin-Bourget-Modane, Maddalena adits; 

— the crossing of the Susa Plain with the international station, the works for the interconnec- 
tion with the historical Turin-Modane line and the crossing of the Dora Riparia. 


In particular, the Base Tunnel, with a length of about 57.5 km, of which about 45 km on 
the French territory and approx. 12.5 km the Italian territory, consists of two single-track tun- 
nels with an average spacing of 40 m and connection branches every 333 m. These features 
have led to structuring the TELT’s WBS with nine levels as follows: 


— level 1 (project): identifies the project as a whole; 

— level 2 (promoter): identifies the promoter according to the intervention phase 

— level 3 (macro-activity): identifies the work phase (Engineering, Construction, Expropri- 
ations, etc.); 

— level 4 (country): identifies the country; 

— level 5 (activity classification): identifies the discipline to which the generic activity refers; 

— level 6 (operational construction site): identifies the operational construction site; 

— level 7 (work site): identifies the individual works of the relevant work site; 


WBS CODING STRUCTURE 


, 2 3 4° S&* 6 7 EEr 10° 11” 12° 13° 14° 15° 16° 17> 18° 19” 20" 21° 22” 23° 24” 25" 


PROJECT (4 LETTERS) 
EV 


PROMOTER (1 LETTER) 


MACRO-ATTIVITY (1 LETTER) 


COUNTRY (1 LETTER) 
ACTIVITY CLASSIFICATION (1 LETTER) 
OPERATIONAL CONSTRUCTION SITE (3 ALPHANUMERIC CHARACTERS) 


WORKSITE (4 ALPHANUMERIC CHARACTERS) 


EV 


WORK SECTION (1 LETTER) 


VE 


WORK PART (1 ALPHANUMERIC CHARACTER) 


Figure 3. Extract of Annex A WBS Prescriptions - TELT’s WBS coding structure. 
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— level 8 (work section): identifies a further spatial subdivision of the works; 
— level 9 (work part): identifies the individual elements of the work 


In addition, the WBS code consists strictly of 25 digits. 

The WBS therefore allows the project to be broken down into smaller, more manageable parts 
with the purpose of better tracking and organising the huge amount of data with the ultimate goal 
of making the information accessible to all operators on the basis of a common dictionary. 

Underlying the creation of the WBS is the 100% work rule, which guarantees the complete- 
ness of the project. This rule applies to all levels of the hierarchy so that the sum of the work 
of the “child” levels must be equal to 100% of the work represented by their “father”. 

The cross-border section also presents the WBS as a common element for all subject areas 
of TELT, developing a single, centralised system in all information systems such as the “ERP” 
management systems, the computation and accounting software, the scheduling software as 
well as within the BIM methodology where the GIS represents a necessary interface and inte- 
gration point in order to make data interoperable and usable. 

In the construction level, the WBS becomes fully operational from level 6 (operational construc- 
tion site). Specifically, the cross-border section is made up of 12 operational construction sites of 
which 9 are construction sites, 2 operational construction sites for the management of excavated 
material and | operational construction site for railway and other equipment, shown below. 


Figure 4. TELT Operational Construction Sites - CO01 Bussoleno interconnection, CO 02 Susa Plain, 
CO 03 East entrance - Maddalena, CO 04 Maddalena - Clarea, CO05 Clarea - Modane, CO06 Modane - 
La Praz, CO07 La Praz - Saint Martin la Porte, CO08 Saint Martin la Porte - West entrance; CO09 Saint 
Jean de Maurienne Plain, CO10 exploitation of materials and storage on the Italian side, CO11 exploit- 
ation of materials and storage on the French side, CO12 railway and non-railway installations. 


On the other hand, level 7 (work) of the WBS represents a fundamental level for identifying 
the project’s works and is structured through the union of the two-letter code identifying the 
family of the work and a sequential code (e.g. GN15 Natural Tunnel, Site of Modane). 

Below this level is level 8 (work section) which allows the characterisation of tunnel types 
through the identification of a unique code for the entire GN family, for example with the 
following result: 

STTL.T.F.C.050.GN15.P - Natural Tunnel, Modane Site Even track 

STTL.T.F.C.050.GN15.D - Natural Tunnel, Modane Site Odd track 

Finally, level 9 (work part) allows identifying and breaking down the execution phases of 
a certain work and therefore within the “GN” family we can find for example: 

STTL.T.T.F.C.050.GN15.P.1 - Preconsolidation 


347 


STTL.T.T.F.C.050.GN15.P.2 - Excavation 

STTL.T.T.F.C.050.GN15.P.3 - Support 

In addition to the WBS coding there is a parallel grouper called “Minor Work”. This is fun- 
damental to trace and univocally identify all the elements of the Base Tunnel and in particular 
the punctual ones such as niches, branches, launch caverns, technical caverns, etc. (e.g. 
GNN.0140 - niche 14) 


4 APPLICATION OF WBS TO THE GEOLOGICAL/CONSTRUCTION PORTAL 


With the end of the geognostic surveys and the beginning of the works for the construction of 
the Base Tunnel, the data on the database were reorganised according to the different oper- 
ational sites and at the same time the information of the new works have obligatorily required 
the WBS. 

In this way, within the various functionalities of the portal, it was possible to organise and 
present the information and technical data using the various levels of the WBS. 

Thus, for example, within the face survey, level 7 and 8 of the WBS were added and high- 
lighted in the initial part of the WBS that immediately characterises the analysed work in add- 
ition to the identification code of the minor work. 


| | 
HUH 
TUNNEL EURALPIN 


[osa | RELEVE DE FRONT DETALLE N? | o2 [nae] vm 


coh ri GN25.V TUNNEL FORE PUITS D'AVRIEUX 25 - GALERIE DE VENTILATION 


Jouvrace mneuR | MINEUR GNV.0010 GALERIE DE VENTILATION SITE DE | GNV.0010 GALERIE DE VENTILATION SITEDEMODANE1 = 1 


ee OUVRAGE MINEUR Galerie de Ventilation direction Sud a ee a STTL.T.T.F.C.05A.GN25.V.2 


PM FRONT (m) : 304,4 DATE: 19/08/2022 HEURE: 17h30 AUTEUR: POIGNIEZ 


Longueur voles a5 


Phase dans le cycle : purge _ 


alternances 
a-b-b” 


Figure 5. Face survey and data related to the WBS GN25.V Avrieux shaft natural tunnel - ventilation 
tunnel and minor work GNV.0010 Ventilation tunnel, Modane site 1. 


This allows, both in the loading and consultation phases, to record the data with a single read- 
ing key capable of aggregating or disaggregating all the information. The WBS therefore repre- 
sents the “pivot” element on which it is possible to collect and order the data in a precise manner, 
leaving little space for interpretation in both the compilation and consultation phases. 
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Figure 6. Data search mask. 
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The most effective final summary of all this information is the representation of the exca- 
vation progress where the entering of the data from the various sheets of the face survey 
makes it possible to create an immediate graphic summary of the state of progress of the 


excavation. 


Figure 7. WBS information for works. 
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Figure 8. Data search for WBS. 


5 CONCLUSIONS 


The creation of the GIS-based geological information portal, within the project of the cross- 
border section of the Base Tunnel, involves the management of a large amount of data. 

Hence the need for an efficient IT platform, an orderly and specialised database for the 
data resulting from the management of the excavation of underground works, and a complete 
and refined management method capable of guaranteeing the identification and monitoring of 
all the elements in the tunnel through the WBS. 

In particular, it is a structured and organised tool on about 30 Works at level 7, more than 
100 sections of works at level 8 and almost 600 elements within the list of Minor Works. On 
the basis of these “WBS” labels, all data are and will be entered and archived, creating 
a collaborative space capable of responding in real time to the most complex needs while look- 
ing to the future with an innovative and pragmatic vision. 

The creation, therefore, of a huge digital library on the basis of which the WBS becomes the 
cross element that allows the different systems in the TELT company and all stakeholders to 
interact. 
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ABSTRACT: The Brenner Base Tunnel (BBT) is a double-tube, high-speed railway line 
currently under construction between Italy and Austria across the Alpine chain divide. The 
underground section is 55 km long, is composed of 230 km total tunnels and has 
a maximum overburden of 1.800m. As from design programs, the realization of main tubes 
(MT) was continuously preceded by the excavation of an exploration/drainage tunnel 
(EDT) 27 km long. On the Italian side, the EDT construction is now completed, as well as 
large portions of MT. The local geological context consists of superposed metamorphic tec- 
tonic units having strongly variable lithology, including gneiss, phyllites, micaschists, mar- 
bles and gypsum/anhydrites. The hydrogeological conditions observed during the EDT 
construction are heterogeneous, owing to variable lithology and fracturation state. The rele- 
vance of water inflows and the related possible impacts on springs was one of the main con- 
cerns in the design phase. The peak of cumulative water discharges during excavation is 
currently in the order of 250 I/s. Appropriate forward monitoring and investigations were 
designed to prevent the unexpected drainage of springs aquifers. These procedures, based on 
the execution of forward boreholes equipped with blowout preventers, had to couple with 
the double shield TBM operation. The EDT completion provided relevant know-how feed- 
back, in terms of knowledge of groundwater flow systems in Alpine domains and of capabil- 
ity to operate forward hydrogeological monitoring while excavating with a double shield 
TBM. This experience is here summarized. 


1 INTRODUCTION 


The Brenner Base Tunnel (BBT), is a 55.6 km long railway tunnel, part of the Trans European 
Network axis connecting Helsinki (Finland) to La Valetta (Malta). The tunnel is under con- 
struction since 2008 and completion is forecasted in 2032. Its main portals are located at Inns- 
bruck (A) to north and at Fortezza (I) to south (Figure 1). It is composed of several 
underground structures, among which the main ones are: i) two main tubes of 10.7m diameter 
70m spaced; ii) an exploration/drainage tunnel of 6 to 8m diameter interposed between the 
main tubes, 12m below them; ili) three safety underground stations. 

The Italian section, concerned by this paper, develops underground for appx. 24 km, 
from km 32+088 of the main tubes (MT hereon), corresponding to the Italy/Austria national 
border, to the Fortezza Station at km 56+000 ca. Only the stretch from km 32+088 to km 
54+000 ca. (22 km) is considered here, since it corresponds to the part of work excavated in 
competent crystalline rocks. The remaining portion is a complex lot of underground excava- 
tions in quaternary terranes whose construction required special ground treatments. The 
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exploration/drainage tunnel (EDT hereon) is coaxial to MT only between km 32+088 to km 
51+500 ca.; starting from this point it deviates to east since it has been designed to reach the 
lower elevation point of the project in Italy, where all waters drained are discharged to the 
cooling system and then to the Isarco river (see Figure 1). EDT has a total length of 
27.250 m. Its excavation always precedes of several kilometers the excavation of the MT and 
it is the gallery that first activate the drainage of groundwater flow-systems. Therefore, EDT 
is the tunnel where the highest inflows have been recorded. 

In addition to previous tunnels a 2 km long constructive adit has been excavated in 
Mules (intersection with MT at km 49 ca.; Figure 1) and, departing from this, a further adit 
exists, 4 km long, parallel to MT, for the access to the underground safety station located 
at km 44+400-45+000 appx. 

All tunnels are freely draining and discharging water in a general collector located in the 
EDT, in its turn delivering the waters to the lower elevation point of the system. MT and 
EDT have been mostly excavated by double shield TBMs; Drill & Blast has been performed 
only for minor parts of MT, for adits and the station. 


2 GEOMORPHOLOGICAL, GEOLOGICAL AND HYDROGEOLOGICAL SETTING 


The project is located in an Alpine context, with mountains ranges higher than 
3,000 m (Figure 1). The Italian stretch runs subparallel to the Isarco Valley, having a roughly 
N-S direction. The tunnel overburden for long sections overpasses 1,500 m and never reduces 
to less than 400m, except than for few hundreds meters close to the EDT and MT portals. 


/ (950 m) 


Figure 1. Overview of the Brenner Base Tunnel project. 


The geological setting along the alignment is totally characterized by crystalline rocks of 
magmatic or metamorphic nature (Figure 2), whose hydraulic conductivity is schematically 
represented in Figure 3. Starting south, the first 6 km of the MT are excavated in granitic 
rocks (C7 in Figure 3) where permeability is controlled by the density and connection of the 
fracture network; particularly it increases along faults. After granites, about three kilometers 
of low permeability rocks (C1) are encountered. These are sheared tonalites, low metamorphic 
grade mylonites (Periadriatic Line tectonites) and greenschist facies paragneiss. 

Further north the tunnel enters in the core of the Alpine chain, where amphibolite facies 
metamorphic rocks appear, starting from a first layer of low to very low permeability phyllitic 
caleschists (C3). After these, a complexly folded zone exists, mostly dominated by marbles- 
bearing calcschists (C4); these rocks generally have a low permeability, locally becoming high, 
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owing to fracturation and especially carbonate chemical dissolution by water, which origin- 
ated millimetric aperture of fractures. In this domain, where calcschists prevail, two fold- 
related zones exist between km 41 and 43. These are composed by complex multilayer 
sequences, volumetrically dominated by phyllites and anhydritic schists with minor marbles 
and anhydrites (C8). These multilayers are poorly-fractured, low-permeability elements 
having local evidences of chemical dissolution by water in marbles or anhydrites; dissolution 
is associated to increased permeability owing to the presence of millimetric flow paths along 
schistosity and sporadic fractures. 

North of the Vizze Valley (see Figures | and 2), another multilayer zone, very similar to 
those described above appears; nevertheless, in this case the lithological composition includes, 
in similar amounts marbles, dolomites, anhydrites and anhydritic schists, cargneules (rauh- 
wacken in the German literature) paragneiss, phyllites and quartzites (C8). This multilayer 
has a subvertical attitude and therefore is prone to infiltration by the surface; permeability 
ranges from very low (phyllites and paragneiss) to locally high inside marbles, dolomites, carg- 
neules and anhydrites. 
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Figure 2. Longitudinal geological sketch section of the Brenner Base Tunnel, Italian part; the vertical 
profile is the forecasted geology; The string below is, on the contrary, a preliminary as built plan-view of 
the real geology that is still under review and interpretation; finally, the other string shows transient 
inflows met during excavation. 


High permeabilities in these last litologies, is due again to chemical dissolution phenomena 
by water along the subvertical schistosity locally reactivated by brittle fault zones. Also 
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Figure 3. Hydraulic conductivity for rocks of the Brenner Base Tunnel: black lines = conductivity in 
conditions of prevalent fracturation state (square indicate the main condition); red lines = conductivity 
of brittle fault zones; blue lines = conductivity in presence of chemical dissolution processes. 


quartzites (C6) displayed locally a high permeability, that is probably related to quartz dissol- 
ution along schistosity planes owing to the presence of relatively hot groundwaters. 

After the multilayer appears a last geological domain consisting of medium metamorphic 
grade orthogneiss (C5), having hydrogeological properties entirely governed by the variability 
of the fracture network density. Most of the domain has a low- to very-low permeability, but 
locally the presence of small faults or high fracture density zones causes significant increases. 

For hydrogeological purposes it is worth noting that the entire tunnel alignment is located 
at an elevation that, on average, is 200 m lower than the adjoining Isarco Valley; tunnel is 
placed inside the valley left slope, 0.5 to 9 km distant from its floor. Galleries are therefore 
potentially able to intercept deep flow systems directed from the slope interior to the valley 
floor aquifer. The tunnel is also located about 700m below the floor of the Vizze valley, con- 
fluent in the Isarco valley, whose hydrogeological flow systems are therefore also affected by 
the tunnel. Since all underground structures are freely draining, i.e. the lining is not designed 
to counterbalance the natural hydraulic head, previous information is relevant to understand 
how the tunnel would theoretically have a high drainage potential, being his elevation lower 
compared to all minimum natural hydraulic potentials of the area (i.e. the main valley floors). 

Undisturbed hydraulic head referred to the tunnel elevation is high to very high, as attested 
by the piezometric cells installed in several boreholes (Figure 2); a summary of the inferred 
hydraulic heads along the MT is shown in Figure 4. 


3 GROUNDWATER INFLOWS 


The forecasts of groundwater discharge from the tunnel system were updated several times 
during the design path. First forecasts were conservative, but as new investigations became 
available and geological/hydrogeological information was added, discharge estimates were 
progressively fitted and reduced, up to a last version displayed in Figure 5. According to 
this diagram, a transient peak a little less than 400 l/s should have been reached after 
about 5 years from the beginning of the second and most important excavation phase 
(Mules 2-3 lots). A final relatively steady discharge a little more than 250 1/s was instead 
forecasted. 

It is well known that dynamic inflow forecasts for complex tunnel systems are rough. In 
fact, in addition to geological/hydrogeological conditions, inflows are sensitive also to vari- 
ations of the excavation rate; a faster excavation produces higher peak discharges, because it 
induces higher temporary hydraulic gradients compared to a slow excavation rate. 

Considered these limitations, a comparison of the diagram of Figure 5 with the one of 
Figure 6, shows that the mismatch between forecasted and actual discharge was moderate. 
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Figure 4. Undisturbed hydraulic head distribution on the alignment of the MT (0 m elevation placed at 
the tunnel level). 


Figure 6 represents the real discharge recorded at the beginning of 2022, when 63% of the pro- 
ject was completed. Discharge reached a peak of about 250 l/s when the EDT, i.e. the tunnel 
whose excavation widely preceded all others, cut the most permeable zone of the project, rep- 
resented by the multilayer zone (complex C8) at km 36,0-37,5. After that moment discharge 
tends to reduce, due to EDT excavation in progressively less permeable rocks and MT pene- 
tration in an already partially drained context. 
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Figure 5. Water discharge forecasts of the whole Brenner Base Tunnel system in Italy in 2014. The ini- 
tial discharge of 100 l/s was the result of drainage from portions of the system already excavated at that 
time, i.e. appx. 12 km of EDT. 


Some of the hydrogeologically active zones were characterized by the presence of abundant 
loosed material, resulting from marbles and anhydrites debonding caused by chemical dissol- 
ution. In MT west, at chainage 36+465 ca., the presence of large amounts of residual loosed 
rock, in association with high inflows, caused a long stop of the double shield TBM that was 
solved only after forward drainage and consolidation injections around the machine head. 

As to provide better insights into the distribution of inflows and their correlation with the geol- 
ogy along the tunnel trace, in Figure 2 the most relevant inflow zones have been placed below the 
geological longitudinal profile. Inflows values indicated refer to the transient phase and are very 
close to the initial stage of discharge. As it can be seen, most of the largest inflows appeared in 
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Figure 6. Diagram showing the evolution of the total tunnel system outflow (blue) with excavation pro- 
gression. Chainage of EDT (red) starts form south (Italian portal), while chainage of MT (grey) starts from 
north (Austrian portal). MT are excavated partly toward north and partly toward south from the inter- 
mediate adit of Mules. The chainage on the right axis of the diagram refers to EDT; chainages of MT are 
obtained by adding 30.000m for the part excavated to north, and 35.000m for that excavated to south. 


multilayer zones with interbedded carbonatic/evaporitic rocks (C8 complex) and in marble- 
bearing, poorly-phyllosilicatic calcschists (C4 complex). These formations are characterized by 
local permeability increases caused by chemical dissolution of carbonate and evaporites (para- 
graph 2). All local permeability increases hosted different flow systems, relatively independent 
from each other. Each time a new permeability channel was intercepted an undisturbed high-head 
flow system was drained and peak inflows were recorded. Hydraulic head was not reduced ahead 
the tunnel face, since drainage was localized, and inflow zones were not mutually connected. 
Besides carbonate and evaporite bearing layers, also granites and gneiss (complexes C7 and 
C5) gave origin to several significant water ingresses. It must be clarified that Figure 2 does not 
evidence significant inflows in granites because the profile is drawn along the MT alignment. As 
it was said before, in the granite MT are mostly not coaxial to the EDT, that has been excavated 
several years before. The EDT was subject to relevant inflows, that at the intersection with an 
important fault (the Rio Bianco Fault) reached more than 200 1/s (Perello et al., 2011). 


4 FORWARD HYDROGEOLOGICAL MONITORING PROCEDURES 


In all the project area water supply is mostly based on springs capturing. For each spring an 
estimate of the interference danger was provided in the design phase and most of the time com- 
pensation measures were planned in the event of depletion. Nevertheless, the principle that 
guided the design was to undertake all possible actions in order to avoid springs drying. Fur- 
thermore, in the tunnel area exists a thermal spring (Brennerbad) unique in all the region and 
with a relevant economic value, whose compensation is not considered possible. For this spring 
the prescription was to adopt every possible countermeasure in order to avoid depletion; an 
extreme scenario was that of impermeabilizing the tunnel by resins injections before entering the 
aquifer zone. Unfortunately, the aquifer zone was not known with accuracy and an intersection 
with it was uncertain. Owing to this situation three zones of danger for the thermal spring were 
defined along the tunnel axis, each having length of several hundred meters. In these zones 
a special forward monitoring procedure was activated during the excavation of the EDT. For- 
ward monitoring procedures are schematically summarized in the flow diagram of Figure 7. 
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Figure 7. Flow diagram summarizing the forward monitoring procedures adopted in the EDT. Qo aa = 
inflows at day 0, i.e. at the beginning of the groundwater discharge; Qi/5 aa = inflow in the period 
between day 1 and day 5; Qs aq = inflow at day 5; Qio aa = inflow at day 10; Q3o ag = inflow at day 30; 
field colors have the following significances: green=safety condition; yellow=attention condition; oran- 
ge=alert condition; red=alarm condition; black=impact attested. 


The procedures are based on the systematic realization of forward boreholes from the TBM 
by means of the drilling machine placed at the end of the shield. Boreholes have been mostly 
driven by means of the down the dole (DTH) hammer technique with length of 150m. In non- 
critical zones for the thermal aquifer, boreholes have been executed without any precaution, 
while in critical zones a blowout preventer apparatus was installed (Figure 8). This apparatus 
was applied both for safety reasons and to have the possibility of managing drainage in case 
of intersection with relevant flow systems. In order to place the preventer, a 20m long pre-drill 
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was executed; a steel lining was then installed and cemented in order to tighten it against rock. 
The preventer was then screwed on this lining. Boreholes execution with preventer took gener- 
ally one to two days. 

The monitoring procedure was structured as to decide, after each forward borehole, 
whether the excavation could proceed, or if adequate countermeasures had to be adopted 
before going forward. Procedure was based both on parameters related to the executed for- 
ward boreholes and on parameters from other sources, as follows: i) groundwater flow dis- 
charged by the forward boreholes; ii) geochemical quality of the drained groundwaters; iii) 
continuous monitoring of the thermal spring; iv) continuous monitoring of other springs, 
independent from the thermal one and that could be related to the intercepted systems. 

The groundwater flow discharged by forward boreholes was the key parameter used to rap- 
idly discriminate whether a problem could exist with thermal springs or not. Particularly, for 
flows from boreholes lower than 51/s, the TBM could advance without any precaution. For 
flow between 5 and 10 I/s excavation was admitted with monitoring of the water discharge 
behind the machine in the discharge channel of the lining base segment; for doing this 
a special tailor-made spillway was designed. 

For flows above 10 I/s the measures to adopt were function of the rate of decrease in 
time of the observed flow from the borehole. With rates of decrease larger than 50-65% in 
1 to 5 days TBM could advance; with rates lower than 50% the decision depended on the 


Figure 8. View of the blowout preventer used in the EDT. Top: preventer still not connected, above the 
TBM erector just in front of the last ring of segments; Bottom: preventer in place after a borehole execu- 
tion and discharging the intercepted groundwater. 
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consideration of other parameters, as shown in Figure 7. Depending on data from other 
parameters, the excavation could be continued in a “conditional” manner, i.e. as to not 
trespassing the point where the borehole intercepted the first inflow, or it could be stopped 
in order to start impermeabilization. The flow rates and also the flow rate decreases, were 
previously defined according to the hydrogeological model, by taking into account the 
supposed hydrogeological parameters of the geothermal aquifer (hydraulic conductivity, 
storativity etc.) and by evaluating which potential of discharge a borehole could have with 
these parameters. 

The results of this procedure application were very satisfactory. The procedure proved to be 
an effective aid to decision, since most of the time the flows from boreholes were below thresh- 
olds defined for entering in a situation of attention (see Figure 7), therefore excavation con- 
tinued almost without stops. Only in a couple of cases a situation of alert occurred but, by 
applying the criterium of the flow rate decrease in a few days, it was realized that excavation 
could go further. 


5 EFFECTS INDUCED BY DRAINAGE ON GROUNDWATER RESOURCES 


A mention to the effect that the tunnel excavation had on springs and streams is also relevant. 
As of today, no significant evidence of impacts has been highlighted by the monitoring 
system, that concerns nearly all the known springs of the area and the most relevant streams. 

A final conclusion on this argument is in any case still premature, both because excavation 
to date (summer 2022) is not concluded and because a re-equilibration of the disturbed hydro- 
geological system may require more than one hydrologic year. The tunnel certainly disturbed 
the deep flow systems, as it is attested by the drawdown of the hydraulic head in some of the 
monitored piezometers sampling pressures at tunnel depth. Nevertheless, these disturbances 
affected flow systems that feed large aquifers of the main valleys floor and not springs on 
slopes. These main valleys aquifers have hydrodynamic equilibria with the valleys rivers and 
furthermore they have large groundwater flow. The subtraction of limited water amounts to 
them did not cause any detectable effect. Springs and streams seem therefore to be fed by shal- 
lower flow systems not affected by the tunnel disturbances. 
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ABSTRACT: This paper discusses the work undertaken to explore the most geologically 
complex section of the 57.5 km Lyon-Turin cross-border base tunnel between Susa, Italy and 
Saint-Jean- de-Maurienne, France. This section, on the French side, has been subject to 
exploratory work in the Houiller briançonnais fields, between Saint-Martin-La-Porte and La 
Praz for nearly 20 years. After the realization of two access tunnels which had convergences 
up to 2 meters, this work, in the axis of the south tube of the base tunnel, was divided into 2 
parts: 1.5 km realized using the traditional method to explore and cross the most converging 
terrain corresponding to the Front du Houiller and 9 km using a TBM for the other Houiller 
parts. The unknown and extremely difficult geological and geomechanical conditions in these 
carboniferous formations, under 300 to 1,200 m of covering, have made this work a real tech- 
nical and human challenge that required a special and adaptive design with the testing and 
validation of constructive solutions before the launch of the construction of the base tunnel in 
this sector. This exploratory work has also made it possible to optimise the design and consoli- 
dation of economic forecasts and planning for this section. 


1 INTRODUCTION 


The European railway project for the Lyon-Turin cross-border section, for which studies 
began some twenty years ago, is located between Saint-Jean-de Maurienne, in France, and 
Susa, in Italy, on a mainly underground route with a 57.5-km-long twin-tube Base Tunnel, 
under the responsibility of the Franco-Italian public promoter TELT. 

Figure 1 shows the Base Tunnel and its points of access: the Italian and French entrances 
and the four intermediate accesses, including the Saint-Martin-la-Porte and La Praz access 
adits, on either side of the SMP4 works (South tube), in the Briançonnais coal area, which is 
crossed for a distance of a dozen kilometres. The Avrieux shafts are also visible near the 
Modane safety site and the communication branches between tubes. 


2 GEOLOGICAL CONTEXT OF THE BASE TUNNEL 


The Base Tunnel route passes through an extremely complex geological context, both in terms of 
lithological variety and structural, geomechanical and hydrogeological aspects. The route lies 
between the outer Alps to the west and the inner Alps to the east, separated by the Pennine 
Front, and is marked by other major discontinuities and thrusts.The formations that will be 
crossed from west to east by the Base Tunnel are described in Figure 2: from the western entrance 
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Figure 1. Base tunnel of the Lyon-Turin cross-border section. 


of Saint-Julien-Mont-Denis, a sector that will be cut through the loose deposits of the Saint- 
Julien alluvial fan, the two tubes of the Base Tunnel will then be cut in the flysch lithotypes of the 
Zone ultradauphinoise (External Alps). Once the Pennine Front has been crossed, the route will 
intersect the Zone subriangonnaise, the Zone houillére, the Zone bri- ancgonnaise (Vanoise), the 
Zone piémontaise, the Zone briangonnaise (Ambin) and the Zone pié- montaise (calcshistes). 

These formations are increasingly deformed from west to east and are separated from each 
other by tectonised horizons and décollement horizons of varying thickness (gypsum, anhyd- 
rite and cargneule rocks). These very complex geological conditions, recognized with more 
than 40 deep boreholes from the surface, about 500 boreholes on advance and 17 km of access 
adits and gallery, did not affect the final layout of the main tunnel. Since 2002, all the geo- 
logical data of the project and the data relating to the structures have been entered into 
a geological/constructive portal. 


Figure 2. Location of the Zone Houillére on the base tunnel route (approximately 12 km long). 


3 GEOLOGICAL SURVEYS AND STUDIES 


At the geological level (in the broadest sense), the exploratory and study phases were carried 
out in order to acquire sufficient input data to build the most complete geological model at 
the project scale. The objectives of these studies and surveys have evolved over time in order 
to reduce the risks associated with the geology during the works. The following is a summary 
of the evolution of the knowledge of the Zone Houillére Briangonnaise, one of the most com- 
plex zones of the project, as examined in the different phases of the studies. 


e Feasibility study: Between 1990 and 2001, the SNCF and FERROVIE DELLO STATO 
ITALIANE and then ALPETUNNEL carried out studies with Design Offices to demon- 
strate the feasibility of the project. Among the objectives was the establishment of a geo- 
logical cross-section of the project and the characteristics of the geological formations. For 
the studies of the Zone Houillére Brianconnaise, the land is for the most part masked by 
superficial formations, which made it difficult to collect surface data. To complete this data 
and to know the characteristics of the rocky massif at the level of the future Base Tunnel, 
deep drillings (up to about 1000 m) were carried out in order to reach the height of the 
Base Tunnel, with generally difficult access in the mountains. The geological studies and 
exploratory carried out enabled the geological section of May 2000 to be drawnup, 
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distinguishing between “productive” coal and “sterile” coal (depending on the presence or 
absence of coal seams in the schisto-sandstone massif, which were exploited locally on the 
surface until the 1950s) with a level of detail that was still not very high. 

* Preliminary Reference Project: after the Summary Preliminary Project of 2002-2003 (APS), 
an engineering group was commissioned to carry out the Preliminary Reference Project 
(APR) on behalf of Lyon Turin Ferroviaire between 2004 and 2007, based on the available 
input data, new boreholes and, for the Zone Houillére Brianconnaise, the first results of the 
excavation of the Saint-Martin-La-Porte and La Praz boreholes, which are described in 
detail in chapter 4. The objectives of this APR at the geological level were to specify the 
litho-stratigraphic and structural conditions for the construction of the rock massifs 
through which the base tunnel would pass. This APR made it possible to draw up graphic 
geological documents, including a provisional geological section that was more precise than 
in the Feasibility study. The Zone Houillére Briangonnaise was subdivided into 4 litho- 
logical units (Encombres, Bréquin-Orelle, La Praz and Fourneaux). 

e Reference Project: In 2013, the Reference Project was produced by an engineering consor- 
tium for Lyon Turin ferroviaire, with an update of the APR based on additional geological 
and structural surveys, new core drilling and excavation data from the La Praz and 
Saint-Martin-La-Porte access adits, and 3 horizontal drillings at the bottom of the Saint- 
Martin-La-Porte and La Praz access adits. The degree of knowledge of the geological, 
geomechanical and hydrogeological conditions has thus been improved and resulted in 
the synthetic geological cross-section forecast for the 2014 PR (Figure 3). 


Figure 3. Geological profile of the Zone Houillére Briangonnaise at the stage of the reference project. 


* Final Reference Project: The Final Reference Project was updated from the Reference Project 
on the basis of data from the new Saint-Martin-La-Porte 4 access adit (Part 3a) and from 
a borehole at the foot of the La Praz access adit (Part 4). The main developments concerned 
the improvement of geological and structural knowledge in targeted areas such as the Zone 
Houillére Briangonnaise, with changes in the geometry and strength of the layers between the 
APR and the PRF. The geometry of the formation boundaries has evolved as a result of 
taking into account and interpreting the new data from the digging of the access adits. 

* Project Phase: this last phase of studies, before the DCE phase for the works, was carried out 
by a group of project managers between 2018 and 2021, on behalf of Tunnel Euralpin Lyon 
Turin. These studies took into account all the data and in particular those of the SMP4 con- 
struction site (parts 2 and 3b in part, presented in Chapter 5) which was still active at the time. 
As for each study phase, all the components (geological, geomechanical and hydrogeological) 
were studied by the project managers in order to establish the calculation hypotheses for the 
civil engineering studies and to reduce the geological risks as much as possible. 


4 ACCESS ADITS 


Underground exploratory work has also enabled the Zone Houillére Briangonnaise to be 
recog nised via: 
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— The first access adit at Saint-Martin-La-Porte (SMP1 and SMP2), to the west of the Zone 
Houillére Briangonnaise, 

— The La Praz access adit, east of the Zone Houillére Brianconnaise, 

— The SMP4 exploratory work (Parts 1, 2, 3a, 3b and 4). 


Saint-Martin-La-Porte La Praz 
2003-2016 2005-2009 
(4 200 m) (2 700 m) 


Figure 4. Position of the SMP, La Praz access adits and of the SMP4 exploratory work. 


* SMPI1 (2003-2007) 


From the Saussaz platform at Saint-Martin-La-Porte, the SMP1 contract initially envisaged 
the construction of a 2040-metre-long access adit and two exploratory tunnels at the foot of 
the access adit, each about 1500 metres long, running in the opposite direction, east-west, 
along the route of the future tunnel (Figure 5). 

The main objectives of this work were the geological exploration of the Zone Houillére Brian- 
connaise (Encombres Unit) and its contact with the Sub-brianconnais formations (Coal-bearing 
Front), the full-scale examination of the mechanical behaviour under heavy cover of the terrain 
crossed and the testing of different lining methods, in the short, medium and long term. More 
specifically, for the east tunnel, the aim was to define the productive coal/sterile coal boundary 
and to assess the possibility of using tunnel boring machines (TBMs) for the base tunnel in the 
sterile coal-bearing strata. For the west tunnel, the aim was to identify the characteristics of the 
productive coal-bearing strata and establish the position of the coal-bearing face in actual fact. 

During excavation of the shaft (from PM 800 onwards), the work encountered strongly 
thrusting ground with metric convergences in the coal seam (Figure 6) and the planned rigid 
support, which was not adapted to the constraints encountered and led to strong convergences, 
was replaced by a phased system with a flexible support, bolting and compressible blocks. 


Figure 5. Plan view of the SMP1 project. Figure 6. Metric convergences. 


This system made it possible to support these strong convergences. A blocking ring was put 
in place for the linear section that experienced the strongest convergences. The combination of 
these special conditions led to an overrun in time and budget, which required a modification 
of the Contract and its termination. 
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* SMP2 (2007-2010) 


Following the SMP1 works, a second contract, SMP2, which iteratively took into account the 
previously encountered excavation conditions with the application of an adapted multiphase 
support system, was undertaken with objectives broadly identical to SMP1. A modification to 
the initial route was made to avoid the converging terrain for the continuation of the work on 
the access adit and thus make it possible for the base tunnel level to be reached more quickly 
and safely in order to continue the exploratory work in the tunnel at the base tunnel level. This 
modified route corresponds to the line circled in red in Figure 8. 

These successive exploratory works in the access adits (SMP1 and 2) have enabled a better 
understanding of the Productive Coal-bearing levels under heavy cover, in the short/medium/ 
long term, with a division into 4 behavioural classes (A, B, C, D) according to the degree of 
tectonisation and the proportion of convergent schistose characteristics and more appropriate 
sandstone characteristics (Figure 7). 
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Figure 7. Application of the observational method to optimise the execution of the St-Martin-la- Porte 
4 tunnels of the Lyon-Turin Project (Mathieu et al. 2018). 


In particular, it was possible to define the class D coal-bearing stratum encountered 
between MP 850 and 1550 of SMP1 under a cover of 150 to 400 metres which corresponds 
to the productive coal or convergent coal (HC). It is characterised by strong lithological and 
structural heterogeneity, with crushed coal layers of decimetric to multi-metric thickness, 
zones of faults with clay gouge, crushed or simply very fractured shales, fractured, sheared 
and boudins sandstone banks. Its behaviour is reflected by: 


— Major convergences. These are greater than 120 cm in diameter with maximum values of 
200 cm. 

— A very marked anisotropy of deformations. The value of the KO ratio, measured during the 
work, is around 1.2. 

— A relatively weak extrusion of the working face, of the order of centimetres. 

— A significant delayed effect, marked by a lack of stabilisation of the deformations of the 
temporary support. 


The support structure was defined on the basis of feedback from the SMP1 contract. It was 
broken down by excavation class, thus allowing the risks and responsibilities to be shared 
between the company and the contracting authority. Among the support profiles implemented, 
class 6 is detailed here, which proved to be suitable for strong convergences and which included 
a methodology with three work zones more or less distant from the working face: 

zone A - the working face zone: from 0 to 40 m behind the working face 

zone B - the advance zone: 40-80 m behind the face 

zone C - zone behind the advance: more than 80 m behind the working face. 
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This work methodology made it possible: 


— on the one hand, to “control” and accompany the deformations of the land around the exca- 
vation with the installation of supports — first flexible, then rigid and finally blocking — to let the 
terrain express itself and avoid distortions and deformations in the supports. Indeed, the earlier 
a rigid support is put in place, the greater the stresses applied by the terrain on the support. 

— secondly, to define three workshops at different distances and thus obtain an increase in 
progress and better budgetary control. 


Contrary to the previous SMPI contract, the support provided for in the contract proved to 
beadapted to the digging conditions. Modifications and changes to the profiles were made 
during the course of the work in line with the changes in convergence observed. In order to 
optimise costs and deadlines, it was decided to lighten the supports during the execution of 
the project, as the convergences were noted to be gradually reducing. 

This classification of the terrain adopted and the support methodology employed were used 
in the subsequent SMP4 works for the implementation of an observational method with an 
adaptation of the support according to the terrain as noted during drilling in progress. 


e La Praz 


Even though the exploratory objectives of this access adit also concerned the Zone Houillère, 
the unit considered was that of La Praz which, overall, presents better-quality terrains (shaly 
sand- stones and metaconglomerates) than those previously described in the Encombres unit. 
This access adit enabled the boundary between the La Praz and Fourneaux units to be shifted 
to the west. It should also be noted that one of the major problems of the rock mass traversed 
was of a hydro-geological nature, linked to the potential presence of water and hydrothermal 
ascents at the foot of the access adit. 


5 SMP4 EXPLORATORY WORK 


As soon as excavation of the SMP1/2 access adit was completed, it was decided that further 
investigations should be carried out in the Zone Houillére along the base tunnel route, as the 
conditions there would certainly be different (different orientation, higher cover) and the feasi- 
bility of excavation with a tunnel boring machine (TBM) needed to be demonstrated. 
A programme of horizontal exploratory drilling along the tunnel axis was carried out to assess 
the quality of the ground to the east and thus confirm the feasibility of constructing a TBM 
assembly chamber near the foot of the access adit. With this confirmation, a supplementary 
contract for works called SMP4 could be launched for various underground works (Figure 8): 


A-B: main branch of the Saint-Maniin-la-Porte 
access road; 


C: secondary branch of the Saint-Martin-la- 
Porte access road; 


D: southern tube between Saint-Martin-la-Porte 
and La Prazexcavated with the tunnel boring 
machine (TBM) from the base of the main 
branch; 


$, p 

XS r E: assembly cavern of the TBM that excavated 
\ the southern tube between Saint-Martin-la-Porte 

oo 


m and La Praz 


Figure 8. Schematic diagram of the exploratory work at Saint-Martin-la-Porte (Brino, 2022). 


— improvements at the foot of the Saint-Martin-la-porte and La Praz access adits with the 
creation of an assembly and dismantling chamber for the tunnel boring machine corres- 
ponding to parts P1 and P4 respectively 
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the start-up of a tunnel boring machine (TBM) to link these two access adits along the 
southern tube of the base tunnel project in the less convergent coal-bearing terrains 
(Brequin-Orelle unit then La Praz unit) representing a linear distance of approximately 
9 km corresponding to part P2 with the main objective of demonstrating the feasibility 
of the TBM project 

the excavation of a new access adit using the traditional method over a distance of approxi- 
mately 1,800 metres from the existing access adit to reach the base tunnel in the Jurassic 
and Triassic terrains upstream of the coal-bearing terrains, corresponding to part P3a. 


In addition to the objectives already achieved by the previous contracts for the SMP access 
adit, the SMP4 contract was to verify various points along the axis of the base tunnel: 


geological exploration of the Jurassic carbonates (limestone and dolomite), Triassic rocks 
(gypsum and anhydrite), schistose rocks such as the Zone Houillére Briangonnaise (different 
characteristics of the coal-bearing strata) and the contacts between these different formations 
full-scale examination of the mechanical behaviour under heavy cover of the terrain crossed 
testing of different support methods (rigid-flexible) 

examination of the possibilities of reusing the excavated materials 

testing of different methods of exploration at the point of advance 

full-scale examination of the relatively large to very large convergences observed in the so- 
called productive features of the coal-bearing strata, as well as the possibly marked rheology of 
several features of the coal-bearing strata and the anhydrites of the coal-bearing strata front 
investigation of the possible presence of gas (methane) in the terrain crossed. Gas concen- 
trations never exceeded detection limits. 

In addition, this contract was intended to make it possible to: 

validate the reliability of the execution of the base tunnel using a tunnel boring machine 
acquire the necessary experience for excavating the base tunnel with a TBM 

determine the characteristics and adaptations to be made to the tunnel boring machines 
adapt the excavation section, the geometry and the mechanical characteristics of the 
segments 

check the hypotheses made concerning the geology 

analyse the behaviour of the terrain and the forces to be absorbed, including at the coal- belt 
face 

consolidate the construction methodology according to the conditions encountered with 
the adaptation of the excavation profiles of which an example is illustrated in Figure 9 for 
the crossing of the fault zone around the PK 10,300 


Figure 9. Geometry of the excavation profiles for the passage of the fault zone around the PK 10,300. 


identify possible karst zones and groundwater circulation in the vicinity of the future 
tunnel project 
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— establish the ground temperatures and their influence on the construction of the base 
tunnel. The lessons learned and feedback are being processed for the recently completed 
SMP4 works. 


6 CONCLUSIONS 


Over the last twenty years, successive and complementary exploratory and study phases have 
made it possible to build and refine a detailed geological model, as described in the paper, for 
the construction phase of the Base Tunnel of the Lyon-Turin cross-border section, with the 
aim of limiting geological uncertainties as much as possible. 

In particular, the main changes in the studies/works in relation to the Zone Houillére 
Briançon- naise were as follows: 


— Clarification of the geological, geomechanical and hydrogeological hypotheses to be taken 
into account for the North Tube, 

— Validation of an optimised methodology for excavation and support of the area near the 
coal- belt front in order to accompany the convergences in the construction process, 

— Validation of the feasibility of tunnelling in the Zone Houillére Brianconnaise outside the 
zone close to the front for the second tube (North) in this zone. 


These advances in terms of knowledge and know-how have contributed and will continue to 
contribute to the technical, budgetary and planning control of the project by optimising the 
work. During the works, progress exploration will be carried out with the aim of anticipating 
geological uncertainties, prior to excavation. 

The geological model of the Base Tunnel in the Zone Houillére Briangonnaise will reach its 
final version after the excavation of the tunnel and the interpretation of all the data produced 
during the works. 
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ABSTRACT: New underground infrastructures in Greater Tokyo in Japan are now planned 
through greater depth space where the sedimentary soft rocks (mudstone) are widely distributed. 
The sedimentary soft rocks have the strain and confining pressure dependency as deformation 
characteristics and creep deformation is observed, however, the measurements of detail deform- 
ation characteristics of ground during tunneling the sedimentary soft rocks are not enough. This 
paper describes the test results carried out a following experiment, excavating an unsupported 
horseshoe-shaped tunnel with 5.0 m in height in the sedimentary soft rocks at a depth of 45 m to 
obtain basic data on the ground deformation characteristics and deformation behavior of the 
ground around the tunnel, and the ground deformation during tunnel excavation works by relat- 
ing to the deformation characteristics and features of sedimentary soft rocks are reported. 


1 INTRODUCTION 


Notably, an opportunity is increased to tunnel through the sedimentary soft rocks of the Kazusa 
Layer, the marine sedimentary layer that forms the foundation of an area widely spread the south- 
eastern part of central Tokyo to Yokohama. They were formed from the Pliocene to the Pleistocene 
and thickly deposited in the area. New tunnels in Grater Tokyo where are difficulty in land acquisi- 
tion are planned mainly in greater depth formed the layer due to the existing subways and lifelines 
in the shallow underground. Tunnel excavation work for the sedimentary soft rocks uses various 
methods to maximize the ground characteristics (Namikawa (2016)). However, road or railway tun- 
nels tend to have huge diameter cross sections and to excavate inner and outer bounds with the 
minimum separation distance. Unexpected ground deformations lead a serious accidents or troubles 
so that understanding the ground stability and deformation characteristics of the ground is crucial. 
Tatsuoka (1997) reveal the whole picture of the deformation characteristics of sedimentary soft 
rocks by constructing an experimental cavity and in-situ investigation on the terrace in the suburbs 
of Sagamihara City, Kanagawa Prefecture. The measurements of the ground during tunneling the 
sedimentary soft rocks are still not sufficient, and conducted measurements mostly used H shape 
beam supports during the tunnel excavation so that understanding the ground behavior affected 
by the deformation characteristics of the sedimentary soft rocks is possibly difficult. Namikawa 
(2020) conducted the experiments that unsupported excavation for a horseshoe- shaped tunnel 
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with 5.0 m height in sedimentary soft rocks under 45 m depth at Ikejiri-Ohashi, Meguro ward 
located in the west side of the central Tokyo for obtaining a basic data on the ground behavior 
without any supports during tunnel excavation work. The authors examined the ground behavior 
by the three-dimensional FEM analysis based on the in-situ investigation and laboratory test 
results, and comparison between the measurement data and analysis results. This paper reports 
the ground deformation during tunnel excavation works by relating to the deformation character- 
istics of sedimentary soft rocks using the quotation of conducted experiment results and adding 
other test results performed at the same time of the quoted experiment. 
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Figure 1. General overview and arraignments of the experimental tunnel with the cross section. 


Table 1. Types of in-situ soil investigations and laboratory experiments. 
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Note: 1) The axial strain rate is at 1.5 to 0.0015 % /min. 


2 DEFORMATION CHARACTERISTICS OF SEDIMENTARY SOFT ROCKS 


2.1 General 


Figure 1 shows the positional relations between the experimental tunnel and tunnels other than 
the experimental tunnel. Table 1 shows types of in-situ soil investigations and laboratory experi- 
ments. Two horseshoe shaped tunnels (4.7 m by 4.7 m) are located in the sedimentary soft rocks 
layer under 30 m and 45 m from ground surface, and the tunnel positioned at lower is the 
experimental tunnel. The tunnel located upper side was used for the basement for borehole sam- 
pling works, and four boreholes were drilled, and core samples were taken from a single tube 
(hereafter, RBC (Rotary Borehole Core Sampling)), the suspension PS logging and the borehole 
pressuremeter test, among others, at RBC were conducted. In the lower tunnel, the experimental 
tunnel, samples were retrieved by Block Sampling (hereafter, BS) with 0.27 m square, Direct 
core Sampling (hereafter, DS) with ọ = 200 mm, Direct Core Sampling same as the specimen 
with ọ = 100 mm (hereafter, H-DS). The plate loading test (horizontal) was also conducted at 
the same section. The samples for the uniaxial and triaxial compression tests were obtained 
from core samples and block samples, with basically ọ = 100 mm. 
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2.2 Test results 


2.2.1 Uniaxial compression test 

The left image of Figure 2 shows the relationship between the sampling depth, unconfined 
compressive strength, and the deformation modulus Eso of the uniaxial compression test with 
constant loading. 

The uniaxial compressive strength at the site tends to increase with depth, while the strength of 
the BS sample collected in the experimental tunnel is smaller than the one of the RBC sample. 
The particle size distribution of each sample in terms of sand contents, the RBC sample is 2 %, 
significantly it is smaller than the BS sample of 12 % to 26 %. The Ds 9 of the BS sample is about 
0.03 mm, while the one by the RBC sample is 0.01 mm, and it is about one-third smaller. The BS 
specimen contains a large amount of sand and has a low degree of cementation, which may have 
caused the uniaxial compression test to underestimate the strength. The deformation modulus Esp 
shows no correlation with the sampling depth, and the average of all data is 340 MN/m”. 
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Figure 2. Results of uniaxial and triaxial compression tests. 
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Figure 3. Uniaxial creep test results and a lever type creep test equipment. 


2.2.2 Triaxial compression test 

Performing the triaxial compression test required consideration of the ground pressure by the 
experimental tunnel depth. The effective confining pressure included 100 kN/m?, 400 kN/m?, and 
800 kN/m’. Tests are taken place in three types which are (1) constant loading whose axial strain 
rate of 0.1 %/min, (2) cyclic loading, which means increasing the strain amplitude of axial strain 
with constant frequent strain, (3) changing the axial strain rate at each strain interval during 
constant loading. 

The center image of Figure 2 shows the relationship between the strain and the secant deform- 
ation modulus for different confining pressures obtained by the constant loading except for the 
RBC, which may have disturbance during sampling. As it is clarified in the previous research, the 
deformation modulus becomes high value under a condition of high effective confining pressure 
or small strain. This indicates that the confining pressure and the strain level affect the 
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deformation modulus. The right image of Figure 2 shows results of the constant loading consoli- 
dated drained (hereafter, CD) triaxial compression test under a constant loading with varying 
strain rate by Miyashita (2015). It will be revealed that the stress-strain relationship shifts to dif- 
ferent one compare to the former one by changing the strain rate in ten times, 100 times, 1/10 
times, or 1/100 times. This test had revealed that the stress-strain relationship of the sedimentary 
soft rocks can be expressed by a model considering viscosity such as Isotach (Leroueil (1985)) or 
TESRA (Di Benedetto (2002)). The stress state at a certain time consisting of strain and strain 
rate is uniquely determined from strain and strain rate. 


2.2.3 Creep test 

The uniaxial creep test is carried out by using the lever type creep test equipment (the right 
image of Figure 3), and weight inclement is set by 1:20. The left image of Figure 3 shows the 
relationship between time and the strain rate and a creep test equipment. This test uses eleven 
samples and is conducted under the stress range from 1.4 kN/m” to 2.1 kN/m”. The high creep 
stress level corresponds to a creep failure with long time, minimum strain rate tends to 
decrease, and these results are consistent of experimental results by Miyashita et al’. The 
following three situ-ation are observed with details of (1) the tests of 2.1 kN/m7, 1.9 kN/m? 
and 1.7 kN/m”, which were conducted twice, and the results of the tests have a gap between 
the fracture time and the minimum strain rate, (2) the results of load with 1.9 kN/m? to 2.1 
kN/m? are overlapped, (3) the gradient of strain rate is crossing over each other. The scatter- 
ing of deformation or strength characteristics are assumed for the reason. In addition, it is not 
possible to clearly define when the load is applied in this test, and this may encourage scatter- 
ing of characteristics of samples. 
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Figure 4. Average strain and deformation modulus relationship on borehole pressuremeter test and 
deformation modulus E,, calculated from PS logging. 
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Figure 5. Shear wave velocity distribution in the ground above the experimental tunnel. 
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2.2.4 Borehole pressuremeter test 

The left image of Figure 4 shows the deformation modulus include tangent gradient of unloading 
process and corresponding average amplitude of strain along to depth by borehole pressuremeter 
test. The higher deformation modulus are measures in deep side gradually 40 m, 50 m, 60 m, and 
this may be considered as the effect of confining pressure dependency. On the other hand, over- 
all, the deformation modulus in depth of 45 m are small. The deformation modulus has a range 
from 1100 to 1500 MN/m/ at the average strain within around 0.0005. Against it, the deform- 
ation modulus drastically decreases over strain with 0.002. The deformation modulus varies due 
to strain dependency and ground depth in the strain region. 


2.2.5 PS logging 

The PS logging has been carried out three times during the excavation using the downhole 
method. It had 10 m from the bottom of the upper connecting tunnel to the experimental tunnel. 
The P-wave velocity of the sedimentary soft rocks was Vp = 1640 to 1790 m/s, and the S-wave 
velocity was Vs = 460 to 590 m/s. The right image of Figure 4 shows deformation modulus con- 
verted from P-wave Velocities. 


2.2.6 Elastic wave tomography exploration 

The elastic wave tomography exploration was conducted from the two boreholes used in the PS 
logging. Figure 5 shows the measurement results and the shear wave velocities obtained from an 
elastic wave tomography. The shear wave velocity is low on the vertical shaft side, whereas it is 
high on the main tunnel side. The shear wave velocity distribution can be divided into two blocks, 
Block A for the bottom side and Block B for the upper side. Each region was weighted by the 
area ratio of its central value. The average value of the shear velocities shown in the right image of 
Figure 5 was converted to deformation modulus. The deformation modulus of the upper Block 
B is about 1.3 times higher than the lower Block A. The elastic wave tomography result, borehole 
pressuremeter test result and PS logging result indicate that the ground at the experimental tunnel 
is sedimentary soft rocks with non-clear consistency of characteristics along to depth direction. 
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Figure 6. Measurement results of displacement distribution in the longitudinal and depth direction. 
3 EXPERIMENTAL TUNNEL MEASUREMENT AND RESULTS 


3.1 Method of experimental tunnel excavation 


For understanding the ground behavior during tunnel excavation in sedimentary soft rocks, as 
shown in Figure 1, unsupported excavation for a horseshoe-shaped tunnel with 5.0 m height was 
carried out in sedimentary soft rocks under 45 m depth, and the ground deformation during the 
excavation was measured by high resolution equipment installed prior to the construction work. 
The experimental tunnel is horseshoe-shaped. The excavation was carried out with a small back- 
hoe and a breaker. It goes slowly from the vertical shaft to the main tunnel at about 1 m per day 
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and reducing damages to the ground. In the unsupported section, a slope at the height of 50 cm 
was formed on the bottom of the cutter face at the time of excavation without fore poling, reinfor- 
cing leg, and bench cut. Like the other tunnels, supported excavation was carried out on each 2m 
section of the launching shaft and the opening section of the shield tunnel for connecting the trans- 
verse shaft. On the one hand, unsupported excavation is carried out for the 13 m of the middle 
section. However, the unsupported section of the experimental tunnel required a protecting work 
for safety using the steel support with H shape beams with 1 m pitch and steel netting. It has 
a space between them, which means the protecting work is contactless to the experimental tunnel. 


3.2 Measurement results 


3.2.1 Settlement distribution along the longitudinal direction (X-axis) 

The left image of Figure 6 shows the relationship between the horizontal distances from the ver- 
tical shaft and the vertical displacement of the longitudinal direction (X-axis) at the time the 
cutter face reached. Although it varied from place to place, each “settlement a” indicated about 
0.5 mm in the unsupported section at the time the cutter face reaches. Then, the “settlement b” 
occurred at the point of measurement when the cutter face reached a sufficient distance of 
10 m. The settlement ratio a/b was 20 % to 30 %. When the tunnel penetrated, the ground settle- 
ment reached 1.5 mm to 2.7 mm. The measurement values at position of 5 m, 10 m, 13 m from 
the vertical shaft shows same settlement tendencies during the passing of cutter face. 


Analysis procedure 


Initial condition 
Groundwater level was assumed to be 5 m. 


Construction of the vertical shaft 

Step 2. | Ground elements were excavated in cylinders at every 5 m depth from the 
ground surface 

Construction of the upper and lower main tunnels 

Step 3. | Ground elements were excavated in the form of cylinders every 5 m in the 
longitudinal direction 


Step 4 Construction of the upper connecting tunnel 
z Ground elements were excavated every 1 m as ìn the actual construction. 


Construction of the experimental tunnel 
Step 5. | Resetting the displacements here to match the measurement steps of the 
experimental tunnel 


Figure 7. The cross section of the analysis model and analysis procedure. 


Table 2. Analysis method, analysis cases and their parameters. 


Elasto-perfect plastic Mohr-Coulomb model |[ case vim) [Ewnm |v | eanm | 00) | 


Effective stress analysis (consider buoyance, -17 Z +960 
effective stress in soil) ANAUC (Z: Depth (-)) 
Water-soil non-cohesive 

ANA-MC1 


ANA -MC2 


Stress boundary condition: Free 

Displacement boundary condition: ANA-MC3 
Free for vertical displacement of the side, 
Fixed on the bottom 

Drainage condition: None 


ANA-Elas 


3.2.2 Settlement distribution along the depth direction (Z-axis) 

The right image of Figure 6 shows the settlement distribution in the depth direction (Z-axis) 
of the ground directly above the experimental tunnel at the midpoint. The measured data 
shows the settlement due to the progress of the cutter face concentrated in the range of Z = 0 
to 5 m and becomes almost zero in the upper layer. 
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4 REPRODUCE ANALYSIS 


4.1 Reproduce analysis method 


Using a three-dimensional FEM analysis can reflect the changes in ground conditions caused 
by the construction histories of the main tunnels, the vertical shaft, and the experimental 
tunnel. Figure 7 shows the cross section of the reproduce analysis model and the analysis pro- 
cedure. This analysis method allows reproducing the soil condition changes, influenced by 
each construction step of the structure (the right image of Figure 7). The constitutive equation 
of the soil uses the elasto-perfect plastic Mohr-Coulomb mode. Comparing the results of 
three-dimensional simulations with in-situ soil investigation allows evaluating ground hetero- 
geneity, creep, and confining pressure dependency. The initial stress set used the effective unit 
volume weight of the ground y,’, obtained by assuming the groundwater level GL -5 m, and 
Ko, obtained from the Poisson’s ratio. Using effective stress analysis was suitable for the 
research because the strength and deformation characteristics were determined based on the 
results of triaxial tests under drainage conditions. 


4.2 Analysis cases and results 


The analysis cases are five in total including one linear elasticity for comparison, using the soil 
parameters and concept is also shown in Table 2. The permeability coefficient of the Kc layer 
indicated small as k = 9.03 x 10° cm/s using the indoor-permeability test. However, since the 
input parameters were set based on the CD test, the effective stress analysis includes this effect. 
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Figure 8. Settlement transition above 50 cm of the tunnel crown with the progress of the cutter face and 
settlement distribution directly above the midpoint of the tunnel. 
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Figure 9. Time to settlement for each point of focus 50 cm above the tunnel crown, settlement distribu- 
tion of measured and analyzed values directly above the tunnel. 
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Figure 8 shows the settlement transition between the vertical displacement of the longitudinal 
X-axis that increases with the progress of the cutter face position and settlement distribution directly 
above the midpoint of the tunnel. The focus points are the unsupported points X = 8.3 m. The 
range in which the cutter face progression affects the vertical displacement of the tunnel crown is 
broad. The analytical value of ANA-MC3 match that of the main tunnel side. When the cutter face 
reaches the measurement point, the settlement ratio of the measured value is 30 % at 8.3 m. 


5 DISCUSSION 


5.1 Consequences of round heterogeneity 


The settlement along the Z-direction is maximized to 2.7 mm about 4 m from the vertical 
shaft. It decreased toward the main tunnel side of the arrival point, with 2.2 mm at the mid- 
point and 1.5 mm at about 14 m. The settlement did not maximize at the midpoint of the lon- 
gitudinal direction, where the underground stress was most likely to be released by tunnel 
excavation. The reason for this is that the soil is heterogeneous, with a low deformation modu- 
lus on the vertical shaft side and a gradually high deformation modulus toward the main 
tunnel side, as described in Section 2.2.6. This may be a condition in the limited strain area, 
but the difference in deformation modulus itself may have reflected the settlement at the top. 


5.2 Creep phenomena during excavation 


The tunneling speed was Im per day. However, the excavation stopped three times due to con- 
struction constraints: five days in the X=5.3 m, ten days in X=10.3 m, and three days in 
X=14.3 m. While stopping the excavation, the settlement continued. The result provides the 
area of increased settlement concentrating near the position where the cutter face stopped. 
The left image of Figure 9 shows the relationship between the time elapsed since the start of 
excavation and the settlement. The measurement points are every | m in the longitudinal dir- 
ection of the tunnel crown. The settlement behavior observed in the experimental tunnel can 
be interpreted in terms of the stress-strain relationship as follows. When the cutter head was 
stationary, the strain continued in the creep condition with constant stress. Then, starting 
excavation and loading produced a condition with a high deformation modulus where fewer 
strains occurred than before. However, continuing loading eliminated a condition of the high 
deformation modulus and turned to the original stress-strain relationship again. The behavior 
of the strain rate and the stress-strain inferred relationship on site is similar to the one con- 
firmed by Miyashita’s laboratory experiments” described in 2.2.2. The observed settlement 
behavior may be the Isotach behavior of the sedimentary soft rocks at the field level. 


5.3 Effects by the confining pressure dependency 


The results of the three-dimensional simulation ANA-MC3 are compared with the settlement 
distribution at excavation steps to evaluate the condition (the right image of Figure 9). The 
settlement behavior in the range of Z = 0 to 5 m progresses after the cutter face passes 
8.7 m from the vertical shaft. It is assumed that the deformation modulus is small in the 
region close to the tunnel space and large as it moves away from the space. One of the deform- 
ation characteristics of soil that satisfies this assumption is that the deformation modulus 
changes with the confining pressure, which can be interpreted as follows. Excavation redistrib- 
utes the stresses in the surrounding ground near the tunnel. Simultaneously, it releases the 
constraint toward the center of tunnel at a tunnel space inside. In the circular direction of the 
cross-section, the stress level near the excavation surface near the cutter face is higher than 
that in the ground far from the excavation surface, and creep deformation may have pro- 
gressed further. Excavating the unsupported tunnel revealed the detailed ground behavior 
from the deformation characteristics of the soil, which may have caused by the confining pres- 
sure dependency and creep in the field level. 
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6 CONCLUSIONS 


The findings from this study that the ground deformation in sedimentary soft rocks at 45 m depth 
by constructing an unsupported horse-shaped tunnel with 5.0 m in height are follows. 


(1) The settlement at the time of tunnel penetration is maybe affected by the deformation modu- 
lus in small deformation region, and the differing settlements in each measurement points are 
affected by variation in the deformation modulus above the tunnel. 

(2) During stopping tunneling, the creep phenomena which may be the Isotach behavior of 
the stress-strain relationship is observed. 

(3) The settlement of ground by confining pressure dependency and creep phenomena is con- 
firmed at the time of re-starting tunnel excavation. 


REFERENCES 


Di Benedetto, H., Taysuoka, F., Ishihara, M. 2002. Time-dependent shear deformation characteristics of 
sand and their constitutive modelling, Soils and Foundations, Vol 42, No.2: pp.1—22. 

Leroueil, S., Kabbaj, M., Tavenas, F., Bouchard, R. 1985. Stress-strain-strain rate relation for the com- 
pressibility of natural sensitive clays, Geotechnique, Vol. 35, No. 2: pp.159-180. 

Miyashita, Y., Koseki, J., Namikawa, K. and Matsumoto, M. 2015. Study on viscous property of sedi- 
mentary soft rock in drained triaxial and unconfined compression tests. Deformation Characteristics of 
Geo-materials, Proc. [S-Buenos Aires, Rinaldi et al. (eds.), IOS Press. pp.575—582. 

Namikawa, K., Terashima, Y., Inoue, T., Koseki, J., Miyashita, Y., Matsumoto, M. 2016. Construction 
of expressway branch junction structure using non-cut-and-cover enlargement method to combine two 
shield tunnels in sedimentary soft rock. ITA-AITES World Tunnel Congress: pp.558-568. 

Namikawa, K, Matsumoto, M. Koseki, J. 2020. Ground deformation and three-dimensional simulation 
during sequential excavation of unsupported tunnel in a sedimentary softrock. Japanese Geotechnical 
Journal, Vol. 15, No. 4: pp.727-739, (in Japanese) 

Tatsuoka, F., Kodaka, T., Oh, R., Hayano, K., Koseki, J. 1997. Deformation characteristics of sedi- 
mentary soft rocks. Journal of Japan Society of Civil Engineers, No. 561/III-38: pp.1—17. (in Japanese) 


376 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Innovative and conventional geophysical investigations at the 
Hamza Bey (Alcazar) monument in Thessaloniki, Greece 


G.N. Tsokas, P.I. Tsourlos, G. Vargemezis, A. Stampolidis & E. Athanasiou 
Exploration Geophysisc Lab., Aristotle University of Thessaloniki, Greece 


C. Raptis 
Ephoreia of Antiquities of the city of Thessaloniki, Eptapyrgio, Thessaloniki, Greece 


ABSTRACT: The current paper describes the conduct and the results of the innovative (for the 
time of the survey) geophysical investigations carried out in Hamza Bey Mosque (cine Alkazar) in 
Venizelou station at Thessaloniki. The assessment of the geological structure and the detection of 
buried antiquities under the monument were accomplished by conventional GPR and ERT tech- 
niques and have been reported elsewhere. A fully 3-D survey is presented here. Further, since the 
investigations aimed also to precisely determine the depth of the foundations of the monument, 
innovative crosshole ERT was employed to accomplish this task. 

The use of geophysics to assess the burial depth of the foundations of buildings is a very difficult 
task because operating directly over the ground surface is impossible. Further, the manmade noise 
comprises an additional problem. These are the reasons led to a combination of conventional 
methods and a cross hole one. Thus, the investigations had a certain degree of innovation. During 
these investigations we introduced new surveying techniques, specific ways of data treatment and 
modifications to the mathematical inversion schemes. Practical and theoretical problems had to be 
faced which were addressed by the collaboration of all involved groups. 


1 INTRODUCTION 


The investigations were undertaken by the Exploration Geophysics Lab. of the Aristotle Univer- 
sity of Thessaloniki (A.U.Th.) by the consortium «AETEK — IMPREGILO — ANSALDO T.S. 
F. — SELI - ANSALDOBREDA+~» after the approval of the supervisor (ATTIKO METRO A.E.). 
The survey employed Ground Penetrating Radar (GPR), the electrical resistivity tomography 
(ERT) along 2-D transects in the conventional context (over the floor), a fully 3-D ERT grid and 
an innovative approach of crosshole ERT. 

The employment of the particular methods was decided after in situ inspections of the partici- 
pants and the precise evaluation of the problem by the scientists of 9th Ephoreia for Byzantine 
Antiquities (9n EBA). In fact, the problem and the proposed approach for its solution was dis- 
cussed in a series of meetings, either in situ or at the installations of the consortium responsible for 
constructing the METRO tunnels in Thessaloniki. 

The 3-D and crosshole surveys are presented here whereas Tsokas et al. (2013) reported the 
results of the 2-D ERTs and GPR. 

Data acquisition commenced the 2nd of October 2007 and lasted till the 5th of November 2007. 
The locations of the boreholes were carefully selected during the in situ inspections by the authors 
and Mr. Aristotelis Exarchou, Mr. Sergio Notarianni and Mrs Livia Ciccineli, experts of the con- 
sortium. Finally, Mrs Eva Giatroudaki, archaeologist of the consortium, had a great contribution. 

The boreholes drilled in a cautious manner, necessary for the successful usage of the instrumen- 
tation and measurement collection. This job was performed by the company “TEQTNOZH A.E.” 


DOI: 10.1201/9781003348030-46 


377 


2 3-D ERT GRID INTRODUCTION 


2.1 Data acquisition 


Some linear tomographies were carried out on the floors of the atrium and the main mosque 
which have been reported by Tsokas et al. (2013). Independently, a full 3-dimensional survey 
took place on the floor of the Mosque. This was consisted by 49 electrodes (channels) placed 
at the nodes of a rectangular grid. The current was injected into the ground by means of two 
electrodes while potential differences were measured in collinear to the current dipole potential 
ones, but also measured into non collinear potential dipoles. This technique allows the use of 
fully 3-D inversion algorithms who produce more precise subsurface imaging. The 3-D survey 
carried out on the 3rd of October 2007. 

The instrumentation used belongs to the Exploration Geophysics Lab. of A.U.Th. it is of 
the most recent technology allowing the multiplexing of maximum 48 independent channels 
(electrodes). However, due to the limited areal extent of the monument, less than 48 channels 
were used for the linear tomographies. In particular, the IRIS SYSCAL-PRO resistivity meter 
was employed along the relevant multiplexor. This instrument was capable of measuring sim- 
ultaneously 10 potential differences. Multi core cables were also employed, custom built by 
the Exploration Geophysics Lab. of A.U.Th. Finally, all electrodes used were consisted by 
bentonite mud (Athanasiou et al., 2007; Tsokas et al., 2008; Tsourlos and Tsokas, 2011). 

An electrode of bentonite mud is shown in Figure 1. The instrument and its multiplexor are 
seen in the same figure. The grid of electrodes used for the 3-D survey on the floor of the 
Mosque is shown in Figure 2. 


Figure 1. The instrumentation used. At the lower left corner, a “contact” electrode (Athanassiou et al. 
2007) consisted of bentonite mud is seen connected with the multi core cable. 


The 3-D resistivity tomography carried out on the floor of the Mosque employing 49 elec- 
trodes placed along 7 rows, each one having 7 channels. The rows were spaced 1.5 m apart 
each from the other, while again 1.5 m spacing was used between the electrodes. The deploy- 
ment of the electrodes is partially shown in Figure 3. It is reminded that a 3-D tomography is 
carried out by inserting current by means of two consecutive electrodes and measuring any 
possible potential difference between any other two consecutive ones 
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Figure 2. Electrodes arranged in an orthogonal grid for the 3-D ERT in the Mosque. 


2.2 ERT data processing and results 


The data were inverted using the algorithm of Tsourlos and Ogilvy (1999). In general, tech- 
nical problems did not appear, neither in the data acquisition phase nor in processing and 
interpretation. Some of the results are shown as horizontal depth slices in Figures 3 to 5. The 
depth of each slice is marked on the relevant figure. 
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Figure 3. The result of the inversion of the 3-dimensional data in the form of depth slice for 1.0. 
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Figure 5. The result of the inversion of the 3-dimensional data in the form of depth slice for 2.8 m. 
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Regarding the subsurface in the Mosque, the result of the 3-D tomography confirms 
the findings of the linear ones in general (Tsokas et al., 2013). However, since the whole 
floor was covered, there are some sporadic findings of the form of linear high resistivity 
anomalies. These can be interpreted as possible buried ancient ruins. A characteristic 
anomaly of this kind is obvious in the northeastern part of Figure 5. 


3 CROSS HOLE TOMOGRAPHIES 


3.1 Cross hole resistivity tomography survey 


The locations where boreholes were drilled were selected in collaboration with experts of the 
9th Ephoria of Byzantine Antiquities. Seven boreholes were drilled at the locations shown in 
Figure 6. The boreholes were arranged in pairs such that the boreholes of each pair to face 
the walls towards Venizelou str. and Egnatia Avenue. 

The depth of 6 m was reached in each borehole and a lithologic log was deduced 
from the cores. For the area in the Mosque, the boreholes revealed a near surface stra- 
tum of about 0.5 m thickness, overlain of a clay formation whose thickness is 1,5m. 
After the clays, the conglomerate is met and continues down to the maximum depth 
drilled. The shallower most layer is probably an artificial one put over the original floor 
of the Mosque. This was clearly seen in during the initial excavation for the borehole 
30, located exactly out of the monument. The clay formation has brown color while the 
conglomerate is consisted of green schist pebbles with loose grey to green connecting 
material. Pieces of tiles and bricks are found sparse in both these formations but also in 
local accumulations. The composition and structure of these formations, but also the 
fact that they contain ancient masonry material, lead to the conclusion that they are 
both artificial layers. 
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Figure 6. The locations of the boreholes are marked by green circles. 


381 


Figure 7. An electrode along the multicore cable employed. The tube was inserted in the metallic casing 
of the borehole as a whole and then the last was removed. Finally, the borehole was filled with sand 
mixed with small amount of bentonite. 


An exception to the referred above layering was observed in borehole, where the clay for- 
mation appears under the loose artificial stratum. In fact, a near surface concrete layer was 
revealed and immediately after that the layer of the loose materials down to the depth 
1.5-2.0 m. Next the brown clays were drilled. 

Twenty-four channels (electrodes) were put in each borehole, thus, making the total 
number of 48 channels for each tomography. The electrodes are consisted by aluminum rib- 
bons wrapped around a plastic tube of small diameter as shown in Figures 7. A multicore 
cable used to connect the electrodes to the central multiplexing unit. Afterwards, the plastic 
tube was put in the borehole. The borehole was then filled by sand and material left from drill- 
ing, mixed with small amount of bentonite, and kept wet by continuous flow of water. Thus, 
an excellent electrical coupling was achieved allowing the acquisition of reliable and high pre- 
cision data. 

The boreholes reached the depth of 6 m while the electrodes were placed at 0.25 m intervals. 
More than one specifically designed electrode arrays were employed. I.e. the tomographies were 
carried out several times using different electrode configurations. To follow the described pro- 
cedure, several parts of the used instrumentation were built by the exploration Geophysics Lab. 


3.2 Results of cross hole tomographies 


Figure 8 show the results of the crosshole electrical resistivity tomography between the bore- 
hole pair 29-30. Evidently, the foundations of the walls of the Mosque are very clearly imaged 
as a high resistivity structure (red colors), a fact that was expected since the boreholes are 
located very close to the target. 

In general, the foundations appear to up to a depth not exceeding the 4 m from the present- 
day ground surface. 
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4 CONCLUSION 


Concerning the outdoors part of the monument, the borehole TCSH 26 drilled in its south- 
eastern corner showed that the clay material underlies the conglomerate from the depth of 
about 1,5-2,3 m downwards. In other words, the layering observed in the Mosque appears to 
be reversed here. 

The crosshole resistivity tomographies imaged the foundations of the monument very well. 
Consequently, their depth extent was assessed and found to be 4 m at maximum for the east- 
ern part of the Mosque. The foundations of the structures lying on the pray room found to be 
relatively shallower. 

This study contains many innovations. For second time worldwide, it was attempted to per- 
form cross hole resistivity tomographies in standing monuments for purposes of the archeo- 
logical research. Practical and theoretical problems had to be faced which were addressed by 
the collaboration of all involved groups. 

The major practical outcome is that a method was proposed (cross hole resistivity tomog- 
raphy) which could comprise a valuable tool in treating certain problems of the archaeological 
research. Additionally, the whole operation, was fully nondestructive as far as the investigated 
structure was concerned. 
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Figure 8. Result of the tomography between the boreholes 31 and 32. The wall is shown at the center as 
a high resistivity structure (red colors). 
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ABSTRACT: Geophysical tools are increasingly utilised within the tunnelling and underground 
construction industry; investigating the extent and properties of physical domains where trad- 
itional direct investigation methods encounter restrictions. This paper describes the development 
and subsequent advanced processing method used by a unique robotic ground penetrating radar 
(GPR) tool, that is used to survey beyond a pipe-liner installed within an in-ground horizontal 
direction drilling (HDD) bore. The GPR device assists in the construction of underground struc- 
tures by hyperTunnel Ltd, who employ adapted grout injection methods to controllably place 
cementitious and non-cementitious chemistry into porous ground (from installed and lined hori- 
zontal bores). The device is shown to use 900 mHz and 2.6 GHz frequency antennas to discern the 
coincidence of objects both beyond and on the pipe’s surface, both in terms of their spatial extent 
and probable material type. This capacity is utilised by hyperTunnel in two complimenting elem- 
ents of their construction process; to assess the ground conditions pre- and post-injection of chem- 
istry, and to assess the spatial extent of injections for the purpose of validating construction 
objectives and identifying ground which requires further injections to meet said objectives. This 
novel use of GPR provides a key visualisation and verification tool to hyperTunnel’s construction 
method, and its full application continues to be realised in further scenarios. 


1 INTRODUCTION 


One of hyperTunnel’s construction methods adapts injection grouting techniques for fabrication 
of underground structures. The method relies on installing horizontal bores via HDD boring (or 
alternative horizontal boring techniques) to facilitate access along a proposed tunnel alignment 
for a swarm of construction robots. The horizontal bores are lined with high-density polyethylene 
(HDPE) pipe and arranged geometrically to provide proximity to the construction footprint of 
the intended underground structure. The robot swarm travels through the installed pipes and is 
responsible for penetrating the pipe for the purpose of injecting grout into the encompassing 
ground. The injections are controlled and placed in a deliberate manner, effectively “3D printing” 
an underground structure which can later be excavated. This construction process is envisaged as 
safer, highly efficient method in comparison to current methods, and similarly more sustainable. 
Figure | provides an illustration of this staged construction process. The granularity of the 
process is best visible in Figure 1C, which shows individual robots in the process of injecting 
grout “plumes”. To conduct this process, a hyperTunnel robot first partially drills a hole in 
the HDPE pipe at a set angle and chainage. A second robot is tasked with perforating the 
remaining HDPE pipe at the prescribed location and extending a string of disposable inter- 
connected needles (with incorporated non-return values) outward from the pipe to a specified 
position in 3D (three-dimensional) space. Finally, a third robot utilizes the installed needle 
connection and proceeds to inject grout through into the ground at a prescribed pressure. The 
shape of the resultant grout plume is idealised as spherical for design purposes (due to its gen- 
eral proximity to a spherical shape) and forms the base building block of the construction pro- 
cedure. A structure is formed by the robotic swarm repeating this building block: spacing 
injections such that adjacent deployments create a continuous, adjoining composite structure. 
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Figure 1. Illustration of hyperTunnel’s construction method via adapted injection grouting. Image 
A): The HDD bores and HDPE lining are placed into the target ground. Image B): Multitudes of individ- 
ual injections begin to form design structure, one block at a time. Image C): Detailed view of the robotic 
tools drilling pipe and extending deployment needles into geology. Individual plumes/block are illus- 
trated. Image D): Once all injections are finished, excavation of the tunnel’s centre can be conducted. 


Figure 2. Image of exhumed sand-grout composite injection trials, showing presence of plumes on 
HDPE pipe surface. 


A key component of the building block process detailed above is verifying that the injected 
grout creates a plume at the intended location. Several complications can cause injected grout to 
travel and/or spread away from its precise design location. This does not fundamentally flaw the 
construction process — provided grout position and extent is verified and remediated where 
necessary, the designed structure will be built. For example, it is possible that the needle installa- 
tion process produces an annulus around the needle and therein a possible preferential path for 
injected grout to travel. This can result in grout settling and curing upon the installed HDPE 
pipe; a geological anomaly that must be identified. Figure 2 shows an image of this situation, 
whereby grout has formed against the HDPE pipe and disrupted subsequent processes. 

hyperTunnel’s GPR survey technology was developed to aid the sequencing of the described 
construction process, evaluating ground conditions, the placement of injected grout and 
installation paths for injection needles. This is achieved by progressively visualising and verify- 
ing the in-situ ground and subsequently informing the proceeding construction activities. This 
paper documents the development of the high-resolution GPR robotic tool along with the spe- 
cialised processing tool, used to derive the geo-bodies relating to object coincidents in the 3D 
domain surrounding lined, horizontal bores. 


2 OPERATING METHOD OF GPR-BASED SURVEYING ROBOT 
HyperTunnel’s high-resolution robotic GPR device is known as hyperDAR. hyperDAR is propri- 
etary technology that incorporates two GSSI antennas (900 mHz and 2.6 GHz), mounted on 


a rotating reference frame with computer-controlled axial (radial rotation) and longitudinal (the 
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1. Device rotates, emitting a GPR pulse cach angle 


[i_n 


2. Device moves down the HDPE liner 20 mm 


3. Device rotates, emitting a GPR pulse cach angle 


Acquired data, displayed in polar coondinates 


Figure 3. Operating process of hyperTunnel’s hyperDAR. [1] The device rotates in the pipe sending 
a pulse at an angle increment of 1°. The resulting data collected is shown (adjacent) in polar coordinates 
for the acquired slice. [2] The device moves 20 mm along the pipe’s axis. [3] Step 1 is then repeated, and 
a second slice of data is acquired (both slices shown adjacent). This process is repeated until the entire 
pipe is surveyed and all individual slices polar scans are superimposed into a 3D domain. 


pipe’s central axis) movement capacity. hyperDAR operates at an radial resolution of 1° and lon- 
gitudinal step-size of 20 mm. Figure 3 provides an illustration of the robot’s core operational 
movements and nature of its data acquisition: hyperDAR operates by conducting a full 360° scan 
about its axis, performing a 20 mm step along the longitudinal axis, and repeating these two func- 
tions for the entire length of an installed HDPE pipe. The independent scans can be compiled to 
provide a 3D rendering of the space surrounding the pipes (at the noted resolutions). 

The twin antennas are sensitive to different distances from mounted positions (or in hyper- 
Tunnel’s interest — different distances from the outside surface of the HDPE pipe). The 900 
mHz antenna is best suited to imaging the state of structures up to 1 m from the pipe, whereas 
the 2.6 GHz antenna is best suited to image items directly on the pipe’s surface (or rather the 
immediate vicinity of). Therefore, the 2.6 GHz antenna’s sensitivity is utilized to derive an 
image of objects directly on the pipe. 
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Figure 4. Example data from a 2.6 GHz scan, corresponding to a single slice (360°) and displaying 
pulse angles at 10° increments. Data shows the consistent windows/incidents of the Direct wave, Air- 
HDPE boundary and HDPE-geology boundary. 
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3 PROCESSING OF ACQUIRED GPR DATA 


The pulse penetration distance and resolution of the 2.6 GHz antenna’s scan interacts with 
and reflects both the air-HDPE boundary (internal face of the pipe) and the HDPE-geology 
boundary (external face of the pipe). Due to the constant thickness of the HDPE pipe and its 
constant distance from the antenna’s axis, the arrival window of both reflections is the same 
across every angle and longitudinal slice. This is shown in Figure 4. 

To evaluate the presence of objects on the pipe’s surface, an automated processing script 
samples a 0.3 ns time window from each pulse corresponding to the HDPE-geology interface. 
The maximum absolute amplitude within this window is identified. The script performs this 
function for all angles and slices acquired from a pipe’s length and renders a 3D radial map of 
computed amplitudes. Using an automated script, a time window of 0.3 ns is placed onto the 
reflection from the HDPE-geology interface. The maximum absolute amplitude is then 
extracted from this window. This processes is then repeated for every angle and slice in the 
survey. Once this process completes, this forms an amplitude map of the surface of the pipe. 

The wave-length of the HDPE-geology interface is further analysed to discern the material 
type likely present on the pipe’s surface. The GOLD deconvolution method (Dondurur, 2010) 
was applied to the data, investing the acquired data to a variation in dielectric coefficient, 
along the pipe’s surface. The deconvolution algorithm uses a recursive approach based on 
either a known (deterministic) or estimated (statistical) wavelet. To process the data seen in 
Figure 4, a known wavelet corresponding to composite material on the pipes surface was 
selected. Reflectivity coefficients were calculated with the known wavelet and then trans- 
formed into dielectric constants via an integral script, utilizing a starting dielectric value of 2.3 
(the dielectric constant for HDPE (Zedniéek, 2022). The wavelet used, reflectivity coefficients 
and output dielectric coefficients for an example trace are shown in Figure 5. 

The data processing steps are repeated for all angles and slices along a given pipe. A 5-point 
median filter is then applied to the computed dielectric values to smooth spurious spikes 
resulting from integration. A singular dielectric value is then selected from the maximum 
value observed in the analysis window of each trace. This value is considered to represent the 
material immediately on the surface of the pipe. The resultant values are rendered into 3D 
space and subject to geological interpretation. 


4 CALIBRATION AND VERIFYING OF PROCESSING METHODS BY GROUND 
TRUTH EXPERIMENTS 


Verifying that the data processing methods provide the correct interpretation of the ground pro- 
file outside of and on the pipe’s surface is a crucial step in scrutinising the capacity of hyper- 
DAR. To conduct the verification, several earth chambers were constructed. Earth chambers 
ranged in size and configuration, typically constraining several cubic meters of conditioned soil 
(typically sand), one or two HDPE pipes to facilitate robot access, and occasionally the burial 
of various objects of known properties (size, mass, material type, orientation, etc.). 

Suites of calibration and verification testing were conducted in the earth chambers. Initial 
chambers were utilized by hyperDAR to detect and calibrate against buried objects. These 
tests were specifically used to refine the interpretation of reflections in a radial domain, aiming 
to correctly resolve images to match the known ground truth. Successive earth chambers 
included the injection of grout into the conditioned sand, allowing hyperDAR to scan the 
resultant composite plumes and calibrate against the observed ground truths (established once 
plumes are exhumed). In some cases, the exhumed plumes could be reburied for further scan- 
ning with a known ground truth. The data collected from these tests was put through the pro- 
cessing sequence described in Section 3. A resultant amplitude and dielectric pipe surface plot 
from an earth chamber calibration test is presented in Figure 6. 

A linear feature of high amplitudes and increased dielectric constant is noted as running 
along the base of the pipe (180°) of Figure 6. An additional feature is noted from distances 
of 2.75—3.5 m and between an angle of -45° to -180°, registering raised amplitudes and 
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Figure 5. Wave-length analysis for determination of material on pipe surface. Figure shows: (a) isolated 
trace data to be subject to processing, (b) the wavelet used for the deconvolution process, (c) reflection 
coefficients calculated by deconvolution operator, and (d) dielectric coefficients derived from reflection 
coefficients and an initial dielectric contrast of 2.3. 


a dielectric value of 5.5 to 7. Data processing and interpretation of these two features theor- 
ised them as void and composite, respectively. Figure 7 shows the exhumed chamber associ- 
ated with the processed data and examples the correlation between ground truth and 
interpretation: a void (created by conditioned sand not being flush with the pipe during con- 
struction) was indeed present, as is a large composite-pipe contact area to the left of the pipe 
at the distance theorized. 


5 USING HYPERDAR TO IDENTIFY GROUT RUN-OFF IN AN OPERATING 
ENVIRONMENT 


The developed data processing method and calibrated interpretation procedure was then util- 
ized in the construction of a trial structure — as intended for commercial projects. The trial 
structure was 6 m long, measuring approximately 2 m wide by 2 m high internally. Injection 
grouting via the hyperTunnel method was deployed to create a 300-500 mm thick archway to 
support the excavated tunnel, and the whole trial structure was contained within a 6 m long, 
5 m wide by 3.4 m high earth chamber. The trial structure was commissioned for research pur- 
poses and in partnership with Network Rail. 

To facilitate the construction of the archway, nine 6 m long HDPE pipes were installed 
within the earth chamber (during its construction), placed in an arch arrangement. An add- 
itional three pipes were installed toward the centre of the intended archway. The first nine 
pipes were utilized by hyperTunnel’s construction robots to deploy needles and grout to the 
footprint of the designed archway. Meanwhile, the first nine pipes and the internal three pipes 
were utilized by hyperDAR (and other survey functions) to support the construction proced- 
ures. An overview and further information on the hyperTunnel method is available on the 
company’s website (www.hypertunnel.co.uk). 

As observed in Figure 8, a singular cross-section of the design archway could be represented 
by upward of 30 injections, each forming a building block for the arch. Each planned injection 
for the archway had a design location of known coordinates, which was precisely targeted by 
robots performing drilling and needle installation processes. Grout injected through said nee- 
dles was by prescribed pressures and volumes, specifically aiming to meet the design archway 
dimensions and provide a continuous mass of grout-sand composite. 
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Figure 6. Amplitude and dielectric constant results from an earth chamber test. Scanned HDPE pipe is 
approximately 3.5 m in length and buried in conditioned sand. 0° denotes the top of the pipe. 
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Figure 7. (Left) Image of exhumed earth chamber showing grout composite attached to the pipe surface 
at various locations. (Right) Isolated section of processed amplitude plot, showing match between 
detected high amplitude area and composite-pipe interfacing areas. 


As grout deployment activities progress, the space available for additional plumes reduces 
and the likelihood that injected grout may permeate back toward the deployment pipes 
increases (as this remains as an available path). Grout reaching the deployment pipe has 
potential consequences on successive deployments, as it can be both challenging to install 
injection needles and to grout through a space which already consists of composite. hyper- 
DAR’s 2.6 GHz antenna was thus used at key moments of the construction process to evaluate 
the deployment process; (1) by assessing where grout composite (along the pipe surface) was 
likely blocking future activities, and (2) by evaluating where on the pipe’s surface was most 
likely to allow access where planned access was not hindered. 

Figure 9 provides an example section of processed data section from deployment pipe 3 
(DP3) during the construction of the archway. At this location of DP3, several successful 
deployments of chemistry into the sand chamber, at placements 6, 16 and 38. Deployment at 
placement 1 met complications and was unable to inject grout. Remedial processes sought 
to re-drill the HDPE at an offset location and install a new string of injection needles, how- 
ever this was met with refusal and abandoned. After using hyperDAR to survey the loca- 
tion, it was evident that grout had reached the pipe and encased an area of the pipe around 
placement 1’s planned orientation (as seen in Figure 9). With the provided survey 
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Figure 8. A cross-sectional schematic of hyperTunnel’s Peak XV project. Nine deployment pipes (DP) 
are notated from left to right in an archway arrangement. Three survey pipes (SP), internal to the arch- 
way, are also noted. Purple, green, yellow and black spheres illustrate the location of planned footprints 
for individual grout injections. The centroid of each injection would be located by drilling and needle 
installation processes from the deployment pipes. Grout deployment robots are responsible for injecting 
grout through the installed needles from the deployment pipes. 
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Figure 9. Isolated section of DP3’s HDPE-geology boundary amplitude evaluation, computed from 
hyperDAR’s 2.6 GHz antenna and showing placement IDs. Survey conducted to query construction pro- 
cess difficulties at placement 1 (pink dot). A high amplitude area (red) is observed surrounding placement 1 
and interpreted as grout composite having formed on the surface of the pipe. Survey allowed construction 
personnel to re-designate placement 1 to an area where activities were not impeded by cured composite. 
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Figure 10. Timelapse dielectric constant changes in deployment pipe 6 (DP6) between July and August 


2022, during the construction of ‘Peak XV’. Note the differences from 3000 to 5500 mm, where a dielectric 
constant of 5-6 is encapsulating the HDPE liner following successful deployments in August 2022. 
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information, a new location to drill the pipe and install a needle was allocated, allowing 
grout injections to continue. 

hyperDAR’s capacity was also used to evaluate deployment progress by comparing survey 
data before and after successful deployments. As shown in Figure 10, scans at different times 
of construction in deployment pipe 6 (DP6) show the gradual introduction of composite form- 
ing in close proximity to the pipe. The location of these features roughly agrees with the 
planned injection footprint and thus serves as insight and validation of how the construction 
is proceeding. Surveys of pipes can equally be compared by relative difference plots. 


6 DISCUSSION, CONCLUSION & FUTURE USES 


The development of a robotic high resolution GPR device and associated advanced processing 
methods has been described by this paper. The device and processing methods was shown to 
be effective in imaging different types of material coincident on in-ground HDPE pipes. 
Beyond the use and application detailed in this paper, the device and processing sequences 
remain under continued development and advancement to permit greater flexibility in differ- 
ing situations and proving further applications (e.g., such as greater diameter bores, unlined 
bores, differently lined bores, differing composites). The development of such capacities is 
clearly within the obtainable remit of hyperDAR and would further extend the device’s appli- 
cation to bore/pipe-based sectors such as utilities, oil, gas, and renewables. 

Regarding hyperTunnel’s use case — the identification of injected chemistry, its spatial 
extent and probable material properties — future development will continue to investigate in 
greater detail the measured dielectric constants and standard data processing procedures. It is 
envisage that this will aid visual resolution, accuracy and comparability. hyperTunnel aims to 
establish a dielectric database corresponding to various composites it routinely uses. This 
information will aid future registered technology distributors when applying hyperTunnel’s 
methods for their construction projects, namely in the identification of composite placement. 
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ABSTRACT: Current aseismic design has seldom considered the effect caused by underlain 
tunnels. Previous studies of this issue have already dealt with the situation of tunnels embed- 
ded in homogeneous soil under transverse seismic excitation. It would be essential to explore 
the ground response pattern when tunnel crossing the region of soft-hard strata, commonly in 
river crossing tunnels. A shaking table test of scaled tunnel-strata model was conducted to 
investigate the influence of the tunnel on the acceleration response of the ground. In this test, 
harmonic excitations with different frequencies and intensity levels were input from the shak- 
ing table, in the direction along the tunnel axis. By comparing the ground acceleration 
response of the free-field model and the tunnel-strata model, amplification of the ground 
acceleration caused by tunnels was found with both frequency and intensity of excitation. 


1 INTRODUCTION 


Underground structures change the propagation path of seismic waves near the surface, and 
then affect the seismic response of the ground and aboveground structures. However, the 
existing codes or guidelines of both aseismic design and seismic zonation hardly take the effect 
into account, for studies related to the effect of underground structures are still limited. Pro- 
posed analytical solutions, to examine underground structures on surface ground motion (Pao 
& Mao, 1973; Lee, 1992; Smerzini, 2009), were given to the cases with idealized assumptions 
of simple tunnel types within elastic half-space medium. The amplification effect of under- 
ground structure on ground acceleration was considered with basic parameters, such as wave- 
length of incident wave and diameter of the tunnel or cavity. Those complex mathematic 
solution can not give explicitly parametric analyses, such as features of incident motion, flexi- 
bility ratio of lining, buried depth and dimension of tunnel. 

Yiouta-Mitra et al. (2007) carried out numerical analysis to explore the influence of ground 
and tunnel characteristics on the ground acceleration, and concluded that underground struc- 
ture should be considered in the design of a surface structure. Sun & Wang (2012) established 
two-dimensional numerical models of both free field model and the model in considering rect- 
angular structure. Results show that the underground structure has significant amplification 
effect on the ground acceleration response, within the range of twice the tunnel diameter. Alie- 
lahi et al. (2015) studied the influence of unlined tunnel on ground motion through the bound- 
ary element method (BEM). Vertically propagated P-wave and SV wave were considered. The 
tunnel presented amplification effect when the incident wave was abundant with low- 
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frequency band. The numerical studies highlighted that the amplification effect induced by 
underlain tunnels cannot be ignored. 

In recent years, physical model tests were conducted to investigate the effect of tunnels on the 
ground surface acceleration. Abuhajar et al. (2011) studied the effect of box-shaped tunnels on 
the ground motion utilizing centrifuge test. They conducted parametric study to identify the 
influence of soil density and tunnel size. Since the tunnel model was stiffer than the surrounding 
soil medium, the tunnel acted as a barrier for the wave propagating, making the de- 
amplification effect on the ground response compared with the free field model. Baziar et al 
(2014). combined the centrifuge test and numerical method to explore the influence of rectangu- 
lar tunnel on ground acceleration. The verified numerical model helped to draw the conclusion 
that the tunnel amplified the low-frequency content of seismic wave and suppressed the high- 
frequency content. Masoud & Baziar (2016) designed and completed the shaking table test of 
the circular tunnel. Wang et al. (2018) designed a shaking table test to explore the interaction 
system of underground structure-soil-aboveground structure. Test results show that the tunnel 
amplified the ground acceleration response, but with the increase of the magnitude of the input 
motion, the amplification effect of the tunnel on the ground acceleration became weaker. 

The abovementioned experimental studies only considered homogeneous strata condition, 
and the shaking direction is perpendicular to the tunnel axis. There was no test handling the 
influence of tunnels in heterogeneous strata on the ground acceleration response. Nevertheless, 
existing evidences (Tamura et al., 1986; Seed et al., 1990; Garini et al., 2020) indicating the amp- 
lification effect caused by the hard-soft interface. The underlain tunnels are likely to aggravate 
the amplification effect induced by the inherent site condition. In present study, the influence of 
parallel tunnels on the ground acceleration response near soft-hard strata was investigated 
through shaking table test. A type of synthetic model soil and model rock were designed to 
reproduce the dynamic characteristics of the prototype soil-rock ground. A segmental model 
lining was modelled with similitude of the relative stiffness between stratum and tunnel. Har- 
monic excitations with different frequencies and levels of intensity were input from the shaking 
table, in direction along the tunnel axis. The points of interest to be recorded rest on the location 
of thick soil deposit beside the edge that affected by the inclined rock. By comparing the ground 
acceleration response between the strata-tunnel model and the free field model, the influence of 
the tunnel on the ground acceleration response could be addressed. 


2 PREPARATION OF TUNNELS IN SOIL-ROCK GROUND 


2.1 Prototype and similitude 


The prototype is from a highway tunnel which crossing Yangtze river in Nanjing, constructed 
by Tunnel Boring Machine (TBM). The segmental lining is composed of 10 segments with the 
outer diameter and inner diameter of 14.5m and 13.3m, respectively. Part of the tunnel is 
embedded by moderately weathered rock with a shear wave velocities Vs of 1037m/s, while the 
adjacent part of the tunnel lies on the medium-coarse sand (weighted average by thickness and 
with a Vs of 354m/s). Based on the size of working space and the TBM tunnel, the similitude 
ratio of geometry is determined to 1/25. Other scaling factors are given in Table 1. 


2.2 Model soil and model rock 


A type of synthetic soil model composed with sawdust and sand was used to simulated the 
prototype soil stratum. The ratio of its constituent can be changed to make the dynamic char- 
acteristics of model soil to meet the target ones. After element tests in laboratory, the density 
of the mixture was 860 kg/m*. The shear modulus degradation with shear strain G /Go-y, and 
the relation of damping ratio with shear strain é-y are depicted in Figure 1. As for the simula- 
tion of the surrounding rock, foam concrete could be the optimum material, due to its repro- 
ducibility of the mechanical properties of the rock and low density to meet the requirements 
of bearing capacity (Chen et al, 2020). The foam concrete was made of cement paste, foam, 
polypropylene fibre and water. The similarity ratio of elastic modulus was set as control 


394 


Table 1. Scale factor of model to prototype. 


Physical quantities 


Symbol and Expression 


Scale factor 


Geometrical dimension Sı 1/25 
Density Sp 1/2.3 
Dynamic shear modulus SG 1/58.8 
Elastic modulus SE = SG 1/58.8 
Acceleration Sa = SGST' S7’ 1/1 
Time Sı = 8575," 1/5 
Frequency Sf = ares 5/1 


factor, considering the soil-rock relative stiffness was the critical factor. The finalized density 
of the foam concrete was 550 kg/m’, with the elastic modulus of 290 MPa. 
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Figure 1. Comparison of test results of prototype and synthetic model soil: (a) G/Go-y; (b) &y. 


2.3. Model tunnel 


As we all know, TBM tunnels are made of prefabricated segments. The segments are con- 
nected by bolts. Hence there are many longitudinal and circumferential joints in TBM tunnels. 
In previous shaking table tests, the segmental tunnels were simplified into either continuous or 
uniform tubes (Baziar et al. 2014, Masoud & Baziar 2016, Wang et al. 2018). This kind of 
simplified models can not represent the actual tunnel structures authentically. To avoid this 
problem in this test, a special tunnel ring model was designed, as shown in Figure 2. The outer 
diameter of the tunnel model is 580 mm. We used the rubber sheets to separate the segments, 
and then jointed them with steel wire. 


(a) pas (b) (c) 
Steel wire 


VA 


Figure 2. Tunnel models. 


3 SHAKAING TABLE TEST 


3.1 Test system 


The shaking table test was conducted utilizing the multi-functional shaking table system in 
Tongji University. The current table has three degrees of freedom in the horizontal plane, 
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namely, transverse, longitudinal and rotational. The working space of table consists of a - 
6.1 mx10.1 m platform capable of carrying a maximum payload of 140 tons. The working 
frequency ranges from 0.1 Hz to 50 Hz. A rigid model container was bolted at base to the 
steel platform of the shaking table. The main constitution of the container is composed of 15 
layered frames made of H-steel beam. Steel plates were fixed on the side walls to ensure the 
lateral stiffness of model container. To mitigate boundary effect, energy absorption material 
was stuck to the inside of lateral wall. The whole testing system is shown in Figure 3. 


Modelsoil Model container 


Model rock 


Figure 3. Testing system. 


3.2 Model cases 


The main purpose of the test is to figure out the effect of the tunnel on the ground acceleration 
nearby soft-hard strata. Two models were considered: a free field model of soil ground and 
a strata-tunnel model. Considering the main seismic design parameter for the site or above- 
ground structures was the acceleration response, accelerometers were placed on the ground 
surface in each case. The layout of accelerometers in this test is presented in Figure 4. The 
accelerometer AO, attached to the shaking table, collected the input motions. 
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Figure 4. Instruments layout. 


3.3 Input motions 


To investigate the effect of input frequencies and intensities on the ground acceleration, 10 - 
cycle “sin sweeps” of different dominant frequencies were used as the input motion. The dom- 
inant frequencies of the sin weep included 3 Hz, 5 Hz, 7 Hz, 10 Hz and 15 Hz. The peak accel- 
erations of each input motions were scaled to 0.12 g and 0.2g, corresponding to the design 
level and destructive level, respectively. Before the sin-wave cases, a white-noise case with 
peak acceleration of 0.05g was applied to figure out the dynamic characteristics of the models. 
Time histories and Fourier spectrum of the sin sweeps were illustrated in Figure 5. Seismic 
motions were input along the tunnel axis. 
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Figure 5. Time histories and Fourier spectrum of the input motions. 


4 TEST RESULT AND DISCUSSION 


According to the previous studies, there are many parameters affecting the tunnel effect on 
the ground acceleration, such as site condition, tunnel diameter, tunnel depth, input motion 
characteristics and relative flexibility of the lining. The following part only discusses the effect 
of input motions, with various frequencies and intensities. All the results presented are at 
model scale. 


4.1 Natural frequency of the ground 


The effect of the underground structure on the ground acceleration could be partially exhibited 
by variation of the natural frequency. The method to measure the natural frequency of the spe- 
cific site is the transfer function (TF) method. The TF of A1 site is defined as the ratio of the 
recorded spectral acceleration to the input one (A0). It could be also analytically calculated 
according to the one-dimensional (1D) propagating theory (Kramer 1996). Figure 6 shows the 
TF results of two model as well as analytical solution. The fist peak value corresponded the nat- 
ural frequency of the site, namely 8.5 Hz and 11.3 Hz for free field model and strata-tunnel 
model, respectively. Compared with the free field, excavation of the tunnel lost the entire weight 
of the system, causing the increasing of the natural frequency. The amplitude of the TF denotes 
the amplification effect for specific frequency range with respect to the input motion. Free field 
model presents a higher amplitude than one-dimensional analytical results in the 10-20 Hz fre- 
quency range. This extra amplification effect of the site could be attribute to the generation of 
seismic wave at the rock edge and propagating to the ground surface. However, the strata- 
tunnel model shows a higher amplitude in the 10-20Hz frequency range, indicating the tunnel 
could aggravate the amplification effect induced by the inherent site condition. 
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Figure 6. Transfer function for A1 site. 
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4.2 Peak ground acceleration 


The most commonly used assessment of the amplitude of a particular ground motion is the 
peak ground acceleration (PGA). Amplification factor is defined as the ratio of PGA observed in 
ground surface to the input one. Amplification factors against input motion frequency is plotted 
in Figure 7. According to this figure, it can be concluded that the effect of an underground 
tunnel on the ground acceleration depends on the frequency content of the input motion. The 
following conclusion can be drawn: (a) compare with the free field model, strata-tunnel model 
present amplification effect when the input motion frequency is higher than 5Hz. (b) at the low 
frequency range (less than 5 Hz), the amplification factors of the two model are almost identical, 
meaning the tunnel has negligible effect on the free field. This phenomenon is due to the seismic 
wavelength is relatively large for the tunnel diameter, making the tunnel not be sensed by the 
incident wave. (c) when the motion amplitude is 0.12g, the peak values of amplification factor 
for two models arise in the sin-10Hz case, in which the input frequency is near the natural fre- 
quency of the site. As the shaking intensity increase (0.2g), sin-7Hz make the highest amplifica- 
tion factor. It could be explained by the decreasing of natural frequency of the soil site, as the 
soil nonlinearity weakens the stiffness of the test system. 
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Figure 7. Amplification ratio at the ground surface versus input motion frequency. 


4.3 Response spectral acceleration 


The response spectrum describes the maximum response of a single-degree-of-freedom system 
to a particular input motion. It’s an important parameter for the seismic design of above- 
ground structures. Thus, we could use the response spectrum to relate the underground struc- 
tures and the aboveground structures. Figure 8 shows the spectral acceleration at the ground 
surface versus period for different frequency of input motion. For better comparing the tunnel 
amplification effect with the free field, we define an index £g, denoted by the Equation (1). 


Br = SA(T) tunnet| SA(T) Free-field (1) 


where the SA(T) Tunne: and SA(T)Free-fiea denote the 5% damped response spectra of tunnel- 
involved model and free-field model, respectively. The fp considering different amplitudes 
and frequencies of input motion is depicted in Figure 9. 

As can be seen from the figures, the tunnel amplifies the ground surface acceleration with 
respect to the free field for all input frequencies considered here. The maximum response of 
the two models occurs at the shorter period. The results of g show that the tunnel results in 
amplification in short period (less than 0.2s) and de-amplification in longer periods. In some 
period, the amplification factor could reach 3, and the value decrease as the input intensity 
increase. The negative effect of tunnel, that is the amplification effect of the acceleration, is 
more crucial for the low-rise structures with short periods. 
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Figure 8. Spectral acceleration at the ground surface versus input motion frequency (input = 0.12g). 
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Figure 9. fp at the ground surface versus input motion frequency. 


5 CONCLUSIONS 


In this study, shaking table test was conducted to investigate the tunnel effect on the ground 
acceleration near the soil-rock strata. The effect of underlain tunnel on the ground surface 
acceleration was addressed by comparing the test results of free field model and strata-tunnel 
model. The following conclusions are drawn. 


(1) The effect of underground tunnel on the ground surface acceleration depends on the fre- 
quency content of the input motion. when the input frequency is near the fundamental fre- 
quency of the site, the ground acceleration response as well as the amplification effect 
caused by the underlain tunnel are significantly amplified. 

(2) The TF results indicate that the Free field model presents an extra amplification effect 
with respect to the one-dimension analytical result, which could be explained by the gener- 
ation of seismic wave at the rock edge and propagating to the ground surface. the under- 
lain tunnel would amplify the ground acceleration with respect to free field model, because 
the tunnel could enhance the scattering effect at the rock edge. 

(3) The tunnel results in amplification in short period (less than 0.2s) and de-amplification in 
longer periods. With the increase of motion intensity, the amplification effect of the tunnel 
on ground acceleration is weakened, due to the scattering effect became implicit with soil 
nonlinearity increasing. 


Though, there are still other effect to be investigated such as the space between tunnels, 
slope of soil-rock interface. Detailed experimental setup, fabrication of models presented here 
could be useful reference for further investigations. 
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ABSTRACT: Accurate prediction of anomalous zones ahead of a TBM tunnel is essential 
for stable and efficient construction. This study developed an optimization model to predict 
characteristics of anomalous zones based on the electrical resistivity survey. The harmony 
search algorithm (HS) was adopted in the optimization process. An analytical solution of the 
electrical resistivity corresponding to the anomalous zone was derived for the objective func- 
tion of the developed model. The HS optimal operators were determined by evaluating the 
prediction errors of the optimization model. Parametric studies were conducted to validate the 
reliability of the optimization model in predicting the characteristics of the anomalous zone. 
The prediction errors between the optimized values and experimental results were less than 
10% for all the characteristics. It is concluded that the developed optimization model can 
accurately predict the anomalous zone ahead of a tunnel face, which enables stable tunnel 
excavation. 


1 INTRODUCTION 


Because of the increasing demand for underground space, the necessity for tunnel construc- 
tion has increased in recent years. However, unexpected risky ground conditions can be 
encountered during tunnel excavation, which can reduce construction efficiency and safety. 
Thus, it is of vital importance to predict the risky ground conditions ahead of a tunnel face to 
secure safe construction. Various geotechnical exploration methods (e.g., ground penetration 
radar, tunnel seismic prediction, etc.) have been developed to predict the ground conditions 
ahead of a tunnel face during the TBM advancement (Dickmann and Sander 1996, Grodner 
2001, McDowell et al 2002, Schaeffer, and Mooney 2016). 

Among the geotechnical exploration methods, the electrical resistivity surveys have been 
mainly utilized for TBMs owing to their affordable cost and simplicity in data processing 
(Kaus and boening 2008, Park et al., 2018, Mifkovic et al., 2021). In addition, optimization 
models for electrical resistance have been developed to compute the characteristics of the 
anomalous zone ahead of a tunnel face (Cho et al. 2005, Ryu et al. 2008, Park et al. 2016). 
The developed optimization models conducted the inverse analysis using the resistivity survey 
results performed under the pole-pole array. However, since the pole-pole array has low verti- 
cal resolution and is susceptible to electrode contact noise (Loke 2004), the number of iter- 
ations of the developed optimization model is considerable (e.g., 5 million times). 

Thus, in this study, a new optimization model was developed by applying the Wenner elec- 
trodes configuration to predict the characteristics of an anomalous zone ahead of the tunnel 
face. The Wenner electrodes configuration has much higher vertical resolution and larger 
signal amplitude, compared to the pole-pole array (Okpoli 2013). The optimization model 
developed based on the harmony search (HS) algorithm (Geem et al. 2001) was validated by 
comparing the root mean square errors (RMSE) with analytical solutions and measured 
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electrical resistivity. In addition, parametric studies for the inverse analysis were conducted to 
evaluate the prediction error of the model by changing variances of the gouge’s electrical 
resistivity, thickness of the anomalous zone, and distances from the anomalous zone. 


2 ANALYTICAL SOLUTION 


Takahashi and Kawase (1990) proposed the electrical resistivity (p) corresponding to three 
layers earth model (refer to Figure 1(a)), as represented in Eq. (1). 


keh 
cp h -4a | air (Vola) = Jo(2ha)) di (1) 
kz = he r (2) 
kı =o (3) 
Be (4) 


where Jo(x) = Bessel function of the first kind of order zero; h; and hz = depth of the first 
and second layer, respectively; p}, p2, and p} = electrical resistivity of the first, second and 
third layer, respectively; a = electrode spacing. 

In this study, the electrical resistivity representing the anomalous zone ahead of a tunnel 
face was derived by modifying Eq. (1)-(4), as represented in Eq. (5) (refer to Figure 1(b)). 


i) Ken daz 
hin i da | r Vola) — Jo(22a) ar (5) 
k(1 PR ea) 
K= 1 — Ke ia (6) 
L Paz — Pg (7) 
Paz + Pg 


P2 


n| Pı Pa 


P3 
(a) Three layers earth model (b) Electrical resistivity survey on a tunnel 
(Wenner array) face using the Wenner array 


Figure 1. Concept of electrical resistivity survey to predict anomalous zone ahead of a tunnel face using 
the Wenner array. 
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where d,- = distance of the anomalous zone from the tunnel face; ta- = thickness of the anom- 
alous zone; p,, = electrical resistivity of the anomalous zone; p, = the electrical resistivity of 
the ground formations. 


3 OPTIMIZATION MODEL 


3.1 Harmony search algorithm 


An optimization model based on the HS algorithm was developed to predict the characteristics 
(e.g., electrical resistivity (p,,), thickness (¢,,), and distance (d,,)) of an anomalous zone ahead 
of a tunnel face. In other words, the objective of the optimization model is to determine the 
decision variables about the anomalous zone as an inverse analysis utilizing the measured 
values, as shown in Figure 2. The explanations of each step in the HS algorithm are as follows. 


Known variables suid Unknown variables 
(measurement) anaya (optimization) 


a, Pg» Pa — Paz» taz» daz 


Figure 2. Objectives of the optimization model based on the HS algorithm. 


Step 1. Initialize harmony memory composition 

The initial decision variables in the solution vectors constituting harmony memory (HM) 
are randomly generated from the feasible region of each decision variable. The root mean 
square error (RMSE) between the analytical solutions and the measured values in the experi- 
ment is set as an objective function of the HS algorithm, as represented in Eq. (8). After the 
RMSEs are evaluated, in the harmony memory matrix, the solution vectors are sorted accord- 
ing to their objective function values. 


£00) =f 2} (eia (8) 


where f(x) = objective function; p, = measured electrical resistivity; /4na/yricaı = analytical solu- 


tion of electrical resistivity; VN = number of measurements with varying the electrode spacing. 


Step 2. Improvise a new harmony 

A new solution vector is generated based on memory consideration, pitch adjustment and 
random selection. When the random number ranging from 0 to | is greater than the harmony 
memory considering rate (HMCR), the solution vector is generated by random selection, 
which satisfies the decision variables’ upper and lower limits. Otherwise, the solution vector is 
selected from the existing HM. For instance, if the HMCR is 0.80, this indicates that the prob- 
ability of designating the new decision variables from the values stored in the current HM is 
80%, and the new decision variables are generated from the feasible region with the probabil- 
ity of 20%. The pitch adjust rate (PAR) ranging from 0 to 1 represents the probability of 
adjusting decision variables inside the newly generated solution vector. The decision variables 
in the new solution vector are modified by the pitch adjustment that utilizes the bandwidth 
(BW) and their bounds if a probability is greater than the PAR. Otherwise the decision vari- 
ables in the vector are unchanged. 


Step 3. Update the HM 

The objective function of the new solution vector is evaluated to decide whether to embed it 
into the HM. If the value of objective function of the new harmony vector is better than that 
of the worst harmony in the current HM, the worst solution vector is replaced with the new 
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solution vector and is excluded from the HM, while keeping the harmony memory size 
(HMS). Otherwise, the new harmony vector is neglected and there is no modification in 
the HM. 


Step 4. Termination criterion 

The HS algorithm is stopped when the termination criterion has been satisfied. In this 
study, the termination criterion is set up by limiting the number of iterations to 50,000. When 
the number of iterations is less than the termination criterion, go to Step 2 and repeat the 
same procedure. 


3.2 Optimum HS operators 


The HS operators should be determined to minimize the prediction error of the algorithm 
before performing the inverse analysis. Since the HMS affects the optimization of the HS algo- 
rithm such as the HMCR and PAR, the HMS was determined by comparing the prediction 
errors in the four different HMSs (i.e., 10, 20, 30, and 50) considering the numbers of decision 
variables. Figure 3(a) represents the prediction errors corresponding to the HMS for each 
characteristic of an anomalous zone. The prediction errors for the electrical resistivity and the 
distance gradually increased when the HMS became larger. However, in case of the thickness, 
relatively small errors were represented when the HMS became 20 and 50. Therefore, it is 
appropriate to predict the characteristics of the anomalous zone ahead of a tunnel face when 
the HMS is 20. 

The determination of the suitable HMCR and PAR is essential to improve the performance 
of the HS algorithm for predicting the anomalous zone. A series of error evaluations were 
conducted to select the optimal HS operators. The errors of the decision variables were calcu- 
lated considering the four different HMCRs (e.g., 0.6, 0.7, 0.8, and 0.9) at the constant HMS 
and PAR; the error distribution is represented in Figure 3(b). In the case of electrical resistiv- 
ity, the prediction error increased until the HMCR became 0.8. However, a drastic decrease in 
error occurred at the HMCR of 0.9. The tendency of error for the distance was similar to that 
of the electrical resistivity, but the errors of the thickness changed regardless of the HMCR. 

In addition, the prediction error assessments to determine the optimal PAR were conducted 
at constant BW values. The prediction errors of three different PAR values (1.e., 0.10, 0.15, 
and 0.20) were computed with respect to all the characteristics of the anomalous zone. When 
the PAR became 0.10, the prediction errors became far smaller than the other cases, as repre- 
sented in Figure 3(c). 

The histories of the RMSE over the number of iterations of the different PARs are shown 
in Figure 3(d). The results not only indicated that the RMSE became smallest when the PAR 
was 0.10, but also described that it was reasonable to set the termination criterion of the HS 
algorithm because the objective function was sufficiently converged when the number of iter- 
ations was 50,000. In conclusion, the optimal values of the HMCR and PAR were decided to 
be 0.90 and 0.10, respectively. 


4 LABORATORY TEST 


4.1 Laboratory experimental setup 


Laboratory test apparatus was devised to simulate the electrical resistivity survey during TBM 
tunneling. The experimental setup consists of a soil chamber, four electrodes, a control PC, 
and a measuring device. The schematics of the test apparatus are shown in Figure 4. The 
length, height, and width of the soil chamber were set to 500 mm, 500 mm, and 200 mm, 
respectively. The soil chamber was made of non-conductive polycarbonate with a thickness of 
15mm. The electrode spacing varied from 10 mm to 30 mm, adopting the Wenner array 
method. The experiment employed rock and soil formations such as granite, silica sand, clay, 
and water to simulate the ground conditions with consideration of anomalous zones. 
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Figure 3. Results of HS operator optimization. 


4.2 Parametric studies 


Parametric studies were performed by changing the characteristics of the anomalous zone 
inside the bedrock strata (i.e., granite). A total of 27 experiments were conducted by varying 
the filling material (i.e., gauge’s electrical resistivity), thickness of the anomalous zone, and 
distance from the anomalous zone, as shown in Table 1. The electrical resistivity values of the 
gouge in the anomalous zone were 24.500-m, 76.290:m, and 30.250-m for saturated clay, 
silica sand, and water, respectively. The thickness of anomalous zone in the soil chamber was 
considered to be 4.5cm, 6.0cm, and 7.5cm, and the distance from the electrodes was specified 
to be 2.0cm, 3.0cm, and 4.0cm in the experiments. Inverse analysis employing the HS algo- 
rithm was conducted to compute the values of the electrical resistivity, thickness of the anom- 
alous zone, and distance from the anomalous zone. The decision variables of the HS 
algorithm were generated between the upper and lower bounds in consideration of the labora- 
tory experimental conditions, as represented in Table 2. 

The maximum and average errors for all the cases were computed and summarized in 
Table 3. The distance from the anomalous zone was predicted with relatively high accuracy 
compared to the other characteristics. On the other hand, the prediction errors in the thickness 
of the anomalous zone were relatively large for all the cases. In the total of 27 parametric stud- 
ies, the average prediction errors were estimated to be around 4% and the maximum 
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Four electrodes 


Soil chamber 


Figure 4. Schematics of the test apparatus. 


Measuring device 


Table 1. Experimental parameters with varying the characteristics of anomalous zone. 


Property Test parameters 

Material Clay Water Silica sand 
Electrical resistivity (Q-m) 24.50 30.25 76.29 
Thickness (cm) 4.5 6.0 7.5 
Distance (cm) 2.0 3.0 4.0 


Table 2. Characteristic ranges considered in parametric studies. 


Variables Unit Electrical resistivity (p,-) (Q-m) Thickness (t,-) (cm) Distance (d,-) (cm) 
Lower bound 0 0 0 

Upper bound 100 10 50 

Table 3. Prediction error of the characteristics of the anomalous zone. 

Material Clay Water Silica Sand 
Characteristics p,.* tao ™ da ** pie lac daz Dv. ls daz 
Maximum 9.27 9.99 5.91 9.29 9.56 5.79 8.04 9.28 6.85 
Average 3.89 5.89 4.65 4.53 6.61 3.18 3.86 5.79 3.37 


* The electrical resistivity of the anomalous zone 
** The thickness of the anomalous zone 
*** The distance from the anomalous zone. 


prediction error values were less than 10%. These results demonstrate that the inverse analysis 
employing the HS algorithm predicted the characteristics of the anomalous zone with mar- 


ginal accuracy. 


5 CONCLUSIONS 


In this study, the optimization model based on the HS algorithm was developed to predict the 
electrical resistivity, thickness of an anomalous zone, and distance from an anomalous zone 
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inside the ground formations. The RMSE between the analytical solution and the measure- 
ment was adopted as the objective function in the optimization model. The HMS, HMCR, 
and PAR values were determined to be 20, 0.90, and 0.10, respectively, for predicting the 
anomalous zone accurately. A series of parametric studies were conducted by varying the 
gouge’s electrical resistivity, thicknesses of the anomalous zone, and distance from the anom- 
alous zone to carry out the inverse analysis applying the developed optimization model. In the 
studies, the maximum prediction errors for all the cases were less than 10%. Notably, among 
the characteristics of the anomalous zone, the distance from the anomalous zone was rela- 
tively well predicted with high accuracy, which enables the TBM operators to manage poten- 
tial risks caused by the anomalous zone. From these results, it was concluded that the 
developed optimization model could accurately predict the anomalous zone ahead of the 
tunnel face, contributing to stable tunnel construction. 


ACKNOWLEDGEMENTS 


This research was conducted with the support of the “National R&D Project for Consecutive 
Excavation Technological Development Project of Tunnel Boring Machine (RS-2022- 
00144188)” funded by the Korea Agency for Infrastructure Technology Advancement under 
the Ministry of Land, Infrastructure and Transport, and managed by the Korea University. 


REFERENCES 


Cho, G. C., Choi, J. S., Lee, G. H., Lee, J. K. 2005. Prediction of ground-condition ahead of tunnel face 
using electric resistivity-analytical study, In Proceedings of the 31st ITA-AITES World Tunnel Con- 
gress, Istanbul, Turkey, 1187-1194. 

Dickmann, T., Sander, B. K. 1996. Drivage concurrent tunnel seismic prediction (TSP), Felsbau, 14 
(6),406-411. 

Geem, Z. W., Kim, J. H., Loganathan, G. V. 2001. A new heuristic optimization algorithm: harmony 
search. simulation, 76(2),60—68. 

Grodner, M. 2001. Delineation of rockburst fractures with ground penetrating radar in the Witwaters- 
rand Basin, South Africa, International Journal of Rock Mechanics and Mining Sciences, 38 
(6),885-891. 

Kaus, A., Boening, W. 2008. BEAM-geoelectrical ahead monitoring for TBM-drives, Geomechanik und 
Tunnelbau: Geomechanik und Tunnelbau, 1(5),442-449. 

Loke, M. H. 2004. Tutorial: 2-D and 3-D electrical imaging surveys. 

McDowell, P. W., Barker, R. D., Butcher, A. P., Jackson, P. D., McCann, D. M., Sdipp, B. O. 2002. 
Geophysics in engineering investigation, 6 storey’s gate, Westminster, London, 249. 

Mifkovic, M., Swidinsky, A., Mooney, M. 2021. Imaging ahead of a tunnel boring machine with DC 
resistivity: A laboratory and numerical study, Tunnelling and Underground Space Technology, 108, 
103703. 

Okpoli, C.C. 2013. Sensitivity and resolution capacity of electrode configurations, International Journal 
of Geophysics, 608037. 

Park, J., Lee, K.H., Park, J., Choi, H., Lee, I.M. 2016. Predicting anomalous zone ahead of tunnel face 
utilizing electrical resistivity: I. Algorithm and measuring system development, Tunnelling and Under- 
ground Space Technology, 60, 141-150. 

Park, J., Ryu, J., Choi, H., Lee, I. M. 2018. Risky ground prediction ahead of mechanized tunnel face 
using electrical methods: laboratory tests KSCE Journal of Civil Engineering, 22(9),3663-3675. 

Ryu, H. H., Cho, G. C., Sim, Y. J., Lee, I. M. 2008. Detection of anomalies in particulate materials using 
electrical resistivity survey-enhanced algorithm, Modern Physics Letters B, 22(11),1093-1098. 

Schaeffer, K., Mooney, M. A. 2016. Examining the influence of TBM-ground interaction on electrical 
resistivity imaging ahead of the TBM, Tunnelling and Underground Space Technology, 58, 82-98. 

Takahashi, T., Kawase, T. 1990. Analysis of apparent resistivity in a multi-layer earth structure, IEEE 
Transactions on Power Delivery, 5(2),604-612. 


407 


Taylor & Francis 
Taylor & Francis Group 


http.//taylorandfrancis.com 


Planning and designing of tunnels and 


underground structures 


Taylor & Francis 
Taylor & Francis Group 


http.//taylorandfrancis.com 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Design aspects of deep water distribution shafts 
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ABSTRACT: This paper covers aspects of planning and designing of deep shafts with 
reference to two water distribution shafts under construction in New York City. The new 
shafts will be sunk into soil and rock to a depth to connect to existing Queens-Brooklyn 
tunnel section of City Tunnel No. 3 (CT3). The inside diameter of the upper parts of both 
shafts is 14.9 meter. Artificial ground freezing is specified as preferred method of excava- 
tion support for the entire stretch in soil. Excavation in competent rock will be performed 
using drill and blast technique preceded by a pre-excavation grouting program. Membrane 
waterproofing with sectioning is prescribed to limit groundwater infiltration to dry 
chambers. 


1 INTRODUCTION AND PROJECT DESCRIPTION 


1.1 Overview 


City Tunnel No. 3 (CT3) is a part of the New York City water supply system that provides 
potable water to New York City residences as shown in Figure 1. The Queens-Brooklyn 
Tunnel (QBT) section of CT3 as a part of stage 2 is currently pressurized but not in active use. 
When the QBT was originally constructed, not all of the planned shafts were built. Two of 
these shafts, namely, 17B-1 and 18B-1, need to be built in Queens borough in order to activate 
the QBT for long-term use. Activation of the QBT will improve the reliability and redundancy 
of the New York City water system, improve distribution system efficiency, and allow better 
flow control and management of the water system. In addition, Shafts 17B-1 and 18B-1 are 
proposed interconnections between the QBT and the expansion of CT3 in future stage 4 
(NY CDEP 2020a). 

To implement the completion of Shafts 17B-1 and 18B-1 and activation of the QBT, 
the New York City Department of Environmental Protection (DEP) Bureau of Engineer- 
ing, Design and Construction (BEDC) has contracted with AECOM, through a shared 
design process with BEDC’s In-house Design unit. The contract scope notably covers 
design aspects of shafts excavation, installation of riser piping, unwatering of the QBT, 
inspection of the QBT and repair of select locations within existing QBT tunnel among 
others. This paper details the work associated with underground engineering design of 
shafts 17B-1 and 18B-1 within the scope of the contract. The notable underground 
engineering design aspects in this package include: a) shafts sinking through overburden 
soil and rock as well as connections to existing QBT tunnels and b) shafts construction 
work including installation of waterproofing, final liner, riser piping, refill concrete and 
temporary shaft cover. 
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Figure 1. New York City Water Tunnel System with Shaft 17B-1 and Shaft 18B-1. 
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1.2 Shaft geometry 


The profile of each shaft mainly consists of a 14.9 meter inside diameter upper part and 
6.lmeter inside diameter lower part as schematically depicted in Figure 2. Upper part of each 
shaft houses distribution components including riser piping, riser valve chamber to function as 
emergency shut-off valve as well as distribution chamber near ground surface for connections 
to street water mains. The minimum diameter of the upper shaft was controlled by the clear- 
ance distance between the butterfly valve counter-weights and the shaft wall in the riser valve 
chamber. Each shaft will have 4 (four) 152-cm diameter riser pipes and each shaft will be able 
to convey a maximum of 1900 million liter per day. Riser pipes within the upper shaft will be 
embedded in concrete backfills after their installation. The lower part of each shaft with an 
internal diameter of 6.1 meter is the section that connects to the existing tunnel and conveys 
water vertically to the interface of the lower ring beam and opening into the riser pipes. 

The lower shaft as a water conveyance system, is required to meet the hydraulic requirement 
of conveying 1900 million liter per day either into or out of the tunnel while maintaining 
a velocity of 3 meter per second or less. In addition to the hydraulic requirement, constructabil- 
ity is included as an additional key basis of design to establish the diameter of the lower shaft. 
Constructability factors such as how the shaft would be built (top-down), precedent lower shaft 
diameters, and typical equipment and sequencing used for drill and blast activities. Based on the 
constructability analysis as well as other requirements a 6.1 meter inside diameter was selected. 
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Figure 2. Profiles of Shaft 17B-1 and Shaft 18B-1. 


2 SHAFT EXCAVATION AND INITIAL SUPPORT 


2.1 Shaft excavation in soil 


For shaft excavation through the soils, various support of excavation methods were evaluated 
including ground freezing, slurry walls, secant pile walls, caisson sinking, and vertical shaft 
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sinking machines. All of the alternatives except ground freezing and slurry walls were elimin- 
ated. While slurry walls were considered possible, ground freezing was ultimately selected as 
the recommended support of excavation method and is used for the basis of design. The feasi- 
bility of ground freezing was assessed through principles of ground freezing, and potential 
issues during and upon completion of construction. Based on the feasibility study and the 
existing geotechnical conditions, estimated freeze wall thicknesses were determined to be 
acceptable and the feasibility of ground freezing was confirmed. The ground freeze design is 
a performance-based specification with a schematic design. 


2.2 Shaft excavation in rock 


Controlled drill and blast technique of rock excavation was prescribed due to DEP’s ample 
experience using this method during shaft and tunnel construction. Controlled blasting allows 
reduction of adverse impacts such as overbreak, ground vibrations and noise. A technical 
memorandum regarding vibration due to drill and blast operations was developed to intro- 
duce controlled blasting and its potential effects, evaluate and estimate ground vibrations and 
noise, and recommend criteria for ground vibration and noise including the following: 


e Maximum ground peak particle velocity (PPV) of 13 millimeter per second (mm/s) is 
deemed safe for buildings and utilities. 

e Peak particle velocity (PPV) for both shaft sites is consistently estimated to be under 13 
millimeter per second (mm/s) at the surface structures, if controlled blasting is performed 
with practical scaled distances of 22 m/kg®° or more, which is a scaled distance recom- 
mended by the US Office of Surface Mining (OSM). 


Each drill and blast excavation round is preceded by a pre-excavation grouting program if 
sustained groundwater inflow from probe holes exceeds a triggering limit. Pre-excavation 
grouting is performed by injection of cementitious, or chemical grout through holes drilled in 
the perimeter of the excavation in advance of drill and blast rounds to control water inflows 
and/or to consolidate the weak rock. 


2.3 Initial rock support 


Initial rock support to stabilize ground around the shaft and tunnel connection immediately 
following excavation is required to minimize ground movement and loosening, to carry 
ground loads, and to provide excavation stability until such time that the final shaft lining and 
tunnel connection is installed. To accomplish this, a system of rock dowels and shotcrete will 
be used for the initial rock support. The contract documents include the minimum required 
initial rock support to be installed as well as provisions for supplemental initial support. The 
methodology used for designing initial rock support requirements was based on the empirical 
Q-index support design as developed by Norwegian Geotechnical Institute (NGI). The 
Q-index approach provides a practical way to characterize the rock mass, and accordingly 
select adequate ground support system for underground openings. The Q-index takes into 
consideration the characteristics of the rock mass, including rock quality designation (RQD), 
joint number, joint spacing, joint surface roughness joint infill weathering level, stress condi- 
tions and water pressures/inflows. 

Rock formation in the construction area consists of only one mapped bedrock unit, the 
Lower Cambrian/Middle Ordovician age Hartland Formation. This formation underlies 
much of Queens and Brooklyn, as well as central and lower Manhattan. It comprises gneiss, 
amphibole gneiss, and granitic pegmatite, with local structural features such as joints, shear- 
ing, and slickensides present. Typical mineralogy of the gneiss comprises quartz, feldspar, 
amphibole, garnet, and minor mica. The bedrock surface in this area is often weathered to 
clay, or hard or dense silt and sand. The Geotechnical Baseline Report (NYCDEP 2020b), 
identifies predominant joint sets in the rock mass based on downhole acoustic televiewer 
(ATV) data collected within each shaft boring. Joint surfaces have coatings of clay, epitode, 


414 


chlorite, sand, and pyrite. Joint alteration ranges from unaltered to moderately altered, with 
more altered surfaces having clay coatings. Joint roughness ranges from rough and irregular 
to smooth and undulating. It is of special note that during construction of the Queens Brook- 
lyn Tunnel portion of City Tunnel No. 3, there were instances of rock bursting due to horizon- 
tal stresses in the rock mass. 


3 SHAFT-TUNNEL CONNECTION 


3.1 Geometry 


As explained previously regarding the lower shaft diameter, it has been planned that 
each shaft must convey 1900 million liter per day either into or out of the tunnel while 
maintaining a velocity of 3 m/s or less. Based on computational fluid dynamics (CFD) 
modeling and evaluation of different tunnel connection alternatives, it was confirmed 
that the tunnel connection opening must be at least 4.3 meter in diameter to maintain 
acceptable velocities under maximum flow conditions. While 4.3 meter was determined 
to be the minimum required diameter to meet hydraulic requirements, the tunnel connec- 
tion was upsized to an inside diameter of 6.1 meter to match the inside diameter selected 
for the lower shaft. 

The shaft-tunnel connection details are different in Shaft 17B-1 and Shaft 18B-1. In Shaft 
17B-1, the shaft directly connects to the crown of the tunnel; however, in Shaft 18B-1, the 
shaft connects to an existing adit attached to the QBT as it is depicted in Figure 3. The design 
for the tunnel connection will include a 60 centimeter thick reinforced concrete liner. The new 
and existing concrete liners will be interconnected through post-installing dowels in the exist- 
ing liner. 


Tunnel with 1.5-ft thick liner 


A) Finite element model B) close-up of concrete liner at connection 


Figure 3. Finite element model of the shaft-tunnel interaction at shaft 18B-1. 


3.2 Shaft-tunnel interaction modeling 


Design considerations for the shaft-tunnel interaction include two-step: a) structural stability 
of the rock tunnel due to shaft excavation must be confirmed. This criterion is to demonstrate 
that the rock mass around the tunnel would not be over-stressed as a result of new shaft exca- 
vation; b) structural integrity of the shaft liner at the tunnel connection must be verified. Shaft 
liner should resist forces due to hydrostatic groundwater pressure, and rock-liner interactions. 
In doing so, finite element modeling was employed to investigate the complex stress re- 
distributions after excavating new shafts. 
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The analysis of the shaft-tunnel interaction area was performed by developing a three- 
dimensional finite element model of the connection as shown in Figure 3. The model accounts 
for realistic interaction of tunnel/shaft with surrounding rock mass and groundwater. This 
model enabled assessing the structural integrity of the existing tunnel liner as a result of shaft 
construction and verifying the design strength of new shaft and tunnel liners. 

The modeling results indicated that the impact of new shaft excavation on surrounding 
rock mass will be negligible, and the stability of rock mass will be preserved during and after 
the shaft excavation process. All concrete liners were shown to be able to safely support com- 
bined effects of hoop forces and bending moments after completion of shaft construction. 
This was verified using M-P interaction diagrams for liners considering designed reinforce- 
ment for the liner. 


4 WATERPROOFING MEASURES AND MOISTURE CONTROL 


Limiting groundwater infiltration to the shafts and moisture control of the new shafts are 
important design components to protect the piping, valves, and other equipment within the 
shafts as well as the shaft itself. In this regard, different measures were evaluated including 
waterstops in concrete construction joints, cementitious-based coatings for water vapor con- 
trol, pipe insulation for condensation control, dehumidification systems for the Distribution 
and Riser Valve Chambers, and a sheet waterproofing membrane. Some of these moisture 
control options such dehumidification systems will be evaluated as part of the future con- 
tracts. In this contract, water control will include waterstops in construction joints and the use 
of a sheet waterproofing membrane. The proposed design for the sheet waterproofing mem- 
brane includes a 3 mm thick PVC liner that extends around the entire exterior perimeter and 
for the full depth of the large diameter upper shaft. Special provisions including water barriers 
will be placed around the Riser Valve Chamber as well as in line with the pipe chase shaft and 
the stair and elevator shaft. Water barriers as part of the waterproofing membrane system in 
these areas will be configured into sections that incorporate remedial grouting capability to 
remediate post-installation leakage. Outside of these areas, water barriers will be placed at all 
construction joints. Lastly, a geotextile fabric between the shotcrete substrate and the water- 
proofing membrane will be placed to protect the membrane from the shotcrete surface. 

The purpose of the waterproofing system is to limit leakage into open accessible spaces in 
the shaft such as the Riser Valve Chamber, and the pipe chase, stair and elevator shafts. In 
these mentioned areas, the waterproofing membrane will be installed with sectioning that are 
equipped with remedial grouting capability to provide a “completely dry” condition. “Com- 
pletely dry” is characterized by water inflow of approximately less than 0.02 liter per meter 
square per day for any 10 meter height of the shaft, and no detectable moisture patches on the 
wall. The leakage characterization is in line with underground construction guidelines used in 
Germany (STUVA). The specified waterproofing membrane with a minimum thickness of 
3.0 mm can withstand pressures in excess of 60 meter of water head. Hydrostatic groundwater 
pressure at the bottom of the Riser Valve Chamber is approximately 52 meter of water head. 

PVC-based waterproofing membranes are the most accepted and widely used waterproofing 
system in underground construction. Adopting PVC membranes for waterproofing tunnels 
started in 1970’s. High tensile strength and elongation capacity of plasticized PVC membranes 
make them suitable to resist mechanical stresses during construction and service life, including 
hydrostatic groundwater pressure, or possible movements caused between shotcrete and con- 
crete liner. PVC membranes exhibit chemical stability under moderate temperatures and 
aggressive conditions. The project’s report on “Soil and Groundwater Environmental Investi- 
gation” does not indicate excessive presence of aggressive chemicals which could be detrimen- 
tal to the durability of PVC waterproofing membranes. 

In terms of durability, PVC waterproofing membranes are shown to satisfy a minimum ser- 
vice life of 100 years. This has been demonstrated by conducting accelerated ageing material 
testing in laboratories using standard procedures. Also, it is documented that PVC water- 
proofing membranes have shown minimal degradation as recovered after 40 plus years of 
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service. These membrane samples were recovered from road tunnels which are among the first 
applications of PVC waterproofing membranes. Samples were tested for physical, mechanical, 
and chemical properties such as identifying thickness, tensile strength, elongation at rupture, 
plasticizer content, and watertightness. Testing results did not show any meaningful degrad- 
ation of materials as compared with the original materials. It should be noted that degrad- 
ation of PVC membranes is potentially caused by the loss of plasticizer which results in 
reduced flexibility and diminished elongation properties of PVC membranes. 


5 SEISMIC ANALYSIS 


The project area is located in a moderately active seismic area subject to strong shaking from 
infrequent earthquakes. A two-level earthquake hazard design approach is adopted in accord- 
ance with the Seismic Design Guidelines for Bridges in Downstate Region (NYCDOT, 2016). 
The two earthquake hazard levels are the Operating Design Earthquake (ODE) and the Max- 
imum Design Earthquake (MDE). The ODE is an event that has 10 percent probability of 
being exceeded in 50 years (approximately 500 years return period). The MDE is an event that 
has 2 percent probability of being exceeded in 50 years (approximately 2500 years return 
period). The peak ground accelerations in very hard rock are 0.05g and 0.2g for ODE and 
MDE, respectively. 

For seismic assessment, different simplified seismic analysis methods for earthquake 
induced soil pressures on rigid structures were evaluated and these methods were deemed 
inadequate due to their limiting assumptions. Seismic analysis was performed to evaluate 
deformations of the shafts under the maximum design earthquake (MDE) to assess the integ- 
rity of the shaft’s concrete lining. Considering that the extent of Shaft 17B-1 in soil is signifi- 
cantly shorter than Shaft 18B-1 as well as maximum free-field shear deformation at Shaft 
18B-1, structural analysis under seismic conditions was only performed for the upper part of 
Shaft 18B-1. 

Shaft 18B-1 descends through different soil layers for about 77 meter before it reaches top 
of the sound rock. The extent of the shaft in soil must be able to safely accommodate ground 
shear deformations under MDE. Seismic assessment of Shaft 18B-1 was conducted by devel- 
oping a finite element model of the shaft along with surrounding soil media to account for 
soil-shaft structure interactions. Seismic design parameters and seismic shear deformation pro- 
files were obtained from geotechnical studies. The finite element simulations consider two 
models, Model A) shaft liner without backfilled concrete, and Model B) shaft liner with back- 
filled concrete. Sketches of Model A, and Model B are shown in Figure 4. A summary of seis- 
mic analyses is reported in Table 1. 
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Model A — Shaft Liner without Backfill Model B — Shaft Liner with Backfill 


Figure 4. Finite element models developed for seismic design of shaft 18B-1. 
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Results of Model A are applicable to a time period during construction in which shaft is 
still empty and 120 cm reinforced concrete liner is responsible for providing structural integ- 
rity in the seismic event. In Model B which represents final configuration of the shaft, seismic 
effects will increase; however, both shaft liner and backfilled concrete will contribute to the 
structural integrity of the shaft. 


Table 1. Summary results of seismic analysis. 


Model Peak Peak axial Peak axial Peak hoop Peak hoop Peak Peak 


Name def“ comp’ stress ten“ stress comp’ stress ten” stress moment shear 
Model A 40mm -7710 kPa 4915 kPa -4890 kPa 2550 kPa 1100 m-MN 102MN 


Model B 38mm -7585 kPa 5135 kPa -4040 kPa 1630 kPa 2470m-MN 169MN 


* def = deformation, comp = compressive, ten = tensile. 


6 CONCLUSION 


Planning and design of new Shaft 17B-1 and Shaft 18B-1 was completed in January 2020 and 
bidding and contract awarding followed with a construction notice to proceed of Septem- 
ber 2020. The contract duration is scheduled for six years to achieve substantial completion. 

This article provided a summary of notable design activities with references to the bases of 
design. The design determined shafts sizing. Ground freezing was suggested as the primary 
means of support of excavation (SOE) in soil. Structural finite element modeling was per- 
formed to confirm ground stability at the tunnel-shaft connection sites. Waterproofing criteria 
and measures were elaborated. Seismic analyses of shafts were conducted to model structural 
response during construction phase in which shafts consist of a lining with no backfill as well 
as final post-construction phase in which shafts are backfilled. 
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ABSTRACT: On account of their low permeability, clays respond to tunnel excavation with 
a considerable delay. This is favourable for the interplay between ground, tunnel support and 
tunnelling equipment and, inter alia, also for the stability of the tunnel face. Nevertheless, 
even when tunnelling through practically impermeable clay deposits, the face may fail under 
certain conditions. The latter represents the subject of the present paper. Specifically, based 
upon a simple but accurate face stability model and a well-known empirical relationship, this 
paper provides generic answers to two important questions: which geotechnical conditions 
would result in an unstable face, thus necessitating, e.g., closed-mode TBM operation? and 
which conditions would be prohibitive in this respect, i.e. the required face support pressure 
would be beyond today’s technical feasibility limits, so that soil improvement measures would 
become indispensable? 


1 INTRODUCTION 


The response of saturated, low-permeability soils to tunnel excavation is pronouncedly time- 
dependent due to the progressive dissipation of excess pore pressures which soon develop in 
response to the tunnel excavation (Anagnostou 2007, Anagnostou et al. 2010). The delay in 
ground response is favourable for the interplay between ground, tunnel support and tunnelling 
equipment and, inter alia, also for the stability of the tunnel face (Schuerch et al. 2016). Despite 
this, the face may fail under certain conditions even in practically impermeable clays, for which 
undrained conditions prevail around the advancing face. In fact, undrained face stability belongs 
to the classic research topics in tunnelling (cf, e.g., Broms and Bennermark 1967, Davis 1968). 

The present paper analyses face stability conditions with the aim of answering two ques- 
tions which are important from the tunnel engineering viewpoint: under which conditions 
(overburden, elevation of water table, over-consolidation ratio OCR etc.) would the face be 
unstable, thus necessitating, e.g., closed-mode TBM operation? and which conditions would 
be prohibitive in this respect in terms of necessitating a face support pressure beyond today’s 
technological feasibility limits? In the following pages, we attempt to provide generic answers 
to these questions based upon the combination of the recently proposed analytical face stabil- 
ity model of Pferdekamper & Anagnostou (2022) and Mesri’s (1975) well-known and widely 
used empirical relationship between undrained shear strength and vertical effective stress of 
the ground. 


2 FACE STABILITY MODEL 
A circular tunnel of diameter D is considered, which crosses a clay deposit at at depth 


h (Figure 1). The water table may be located at the soil surface or — in the case of a subaqueous 
(open water) tunnel — at a distance d above the surface (i.e., the seabed). The clay may be 
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normally consolidated (NC) or overconsolidated (OC), whereby the maximum (past) burial 
depth of the soil surface will be denoted by the symbol b. The overconsolidation ratio (OCR) at 
the tunnel axis then equals 1+b/(h+D/2). The undrained shear strength of the soil s, may be 
constant or increase linearly with depth z, from s,9 at the soil surface to s,,7 at the tunnel crown. 
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Figure 1. Problem layout. 


Based upon an improvement of Gunn’s (1980) lower bound trap door solution and Peraz- 
zelli & Anagnostov’s (2017) tunnel face stability model, Pferdekämper & Anagnostou (2022) 
recently proposed the following equation for the required face support pressure o;- in the prob- 
lem under consideration: 


or = 0y — NF Sur, (1) 


where o,9 and Np denote the total vertical in-situ stress at the level of tunnel axis and the so- 
called stability factor, respectively, and read as follows: 


D D 
on =¥(A+>)+wlh+>+4), (2) 
2 2 
Ai h i 4.5 SuT — Sud 
Nr S 45 + 6.3 (4 i) ce (3) 


where y’ and y„ denote the submerged unit weight of the soil and the unit weight of the water, 
respectively. 

The accuracy of Equation (3) was illustrated by comparative numerical analyses. Figure 2 
shows the analytical predictions and the results obtained by finite element limit analysis 
(FELA). Equation (3) is very accurate in the case of constant shear strength (compare the 
black line with the black markers) and slightly conservative if the shear strength at the soil 
surface equals zero (compare the red line with the red markers). 

In the following investigations into face stability conditions, the undrained shear strength 
will be taken after Mesri’s (1975) empirical relationship, whereby the maximum past effective 
vertical stress (rather than the current effective vertical stress) will be considered for overcon- 
solidated soils (cf. Ameratunga et al. 2016): 


su(z) = ay (z +b), (4) 


where, according to Mesri (1975), the coefficient a = 0.22 + 0.03. 
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Figure 2. Stability factor Np over normalized depth of cover h/D (after Pferdekamper & Anagnostou 
2022). 


Introducing Equations (2) to (4) into Equation (1) provides the required face support pres- 
sure as a function of the geometric parameters (h, D, d, b), the unit weights (y’, y,,) and the 
coefficient a: 


or =(y'4 1s) (t 5) + Yd (40 + b) m$ + 2.3h + 6.3b 4 45D ay! (5) 


The computations of the next sections have been performed for a = 0.22 and y’ = 11 kN/m’, 
considering a variation of +15% for both parameters. All results hold for a tunnel diameter 
of 10 m. 


3 STABILITY CONDITIONS 


3.1 Land tunnel with water table located at soil surface 


Figure 3a shows the required support pressure of over the depth of cover h for a normally 
consolidated (NC) soil. The solid curve of the diagram holds for the average values, the 
dashed one for the maximum values (+15%) and the dotted line for the minimum values 
(-15%). The dashed and the dotted lines represent best and worst cases, respectively, because 
the required support pressure decreases both with increasing a (trivial) and with increasing y’. 
A higher y’ is favourable because it results in higher in-situ effective stresses and higher shear 
strengths (last right-hand side term of Equation 5), and this effect outweighs the unfavourable 
effect of a higher in-situ total stress (first right-hand side term of Equation 5). 

According to Figure 3a, the support pressure increases with the depth, reaches a maximum 
at a depth of 2 — 3 tunnel diameters, decreases afterwards and becomes equal to zero for 
depths h greater than 3 to 9 tunnel diameters. (The normalization of depth A with respect to 
diameter D is approximately correct.) This highly non-linear dependency of support pressure 
on depth was also observed by Perazzelli & Anagnostou (2017) and is due to two conflicting 
effects: the unfavourable effect of the increasing in-situ total stress (first right-hand side term 
of Equation 1) and the favourable effect of the overburden (see second right-hand side term of 
Equation | in combination with Figure 2). 

Considering that the dashed line and the dotted line represent best-case conditions and 
worst-case conditions, respectively, Figure 3 allows the following conclusions to be drawn for 
land tunnels crossing NC soils: face support is always indispensable in shallow tunnels with 
h < 3D; stable face conditions can be expected in deep tunnels with A > 9D during advances or 
short standstills. 
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Figure 3. Land tunnel with water table at soil surface: Required face support pressure over depth of 
cover, (a), for a NC soil and, (b), for a slightly OC soil (past burial depth b = 10 m). (c) OCR at the 
tunnel axis in case (b) over depth of cover (tunnel diameter D = 10 m; strength coefficient a = 0.22 15%; 
submerged unit weight y’ = 11 kN/m? +15%). 


Figure 3b holds for a slightly overconsolidated soil: the assumed past burial depth is equal 
to just 10 m; the corresponding OCR at the tunnel axis is mostly 1.2-1.5 (Figure 3c). The 
effect of overconsolidation is considerable: a stable face can be expected under the average- 
and best-case conditions; under the worst-case conditions, the maximum support pressure is 
four times lower than in the case of NC soil, while the critical depth, ie., the depth beyond 
which the support pressure equals zero, decreases from 90 m to 50 m (compare dotted lines of 
Figure 3a and 3b). 

Figure 4 provides a complete picture regarding the critical depth of land tunnels in clays, 
showing the critical depth (vertical axis) as a function of the burial depth or the overconsolida- 
tion ratio (horizontal axes of Figure 4a and 4b, respectively). Points underneath the curves 
characterize stable face conditions. For an OCR of 1.5 (at the tunnel axis) and depths of cover 
greater than about 25 m (or, more generally, 2.5 diameters), stable face conditions can be 
expected even under the worst-case conditions (Figure 4b), that is always. 

To summarize, in land tunnels, even a slight overconsolidation will result in stable face con- 
ditions or at least in a significant reduction in the face support pressure. 


3.2 Subaqueous tunnels 


The blue lines in the diagram of Figure 5 show the necessary face support pressure in 
a subaqueous NC clay deposit and hold for a water depth d of 50 m. The black lines hold for 
the limit case of d = 0 m (land tunnel) and are given for comparison. The weight of the water 
body results in an increase in the in-situ total vertical stress and an equal increase in the neces- 
sary support pressure (see first right-hand side term of Equation 1). The increase is equal to the 
hydrostatic pressure at the elevation of the sea bed, that is 500 kPa in the example of Figure 5, 
and causes a shift in the face support over depth curve (Figure 5). The critical depth of cover, 
that is the minimum depth of cover for stable face conditions (which in shield tunnelling would 
allow open mode operation), increases as well (by 30 - 60 m in the example of Figure 5). 

Figure 6 provides a complete picture regarding the stability conditions in subaqueous tun- 
nelling through NC soils in terms of minimum distance to the seabed A (vertical axes), sea 
depth d (horizontal axes) and material constants a and y’. For points above the lines, the face 
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Figure 4. Land tunnel with water table at soil surface: (a) Required burial depth b and corresponding 
OCR at the tunnel axis for open mode excavation at a depth h (tunnel diameter D = 10 m; strength coef- 
ficient a = 0.22 +15%; submerged unit weight y’ = 11 kN/m? +15%). 
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Figure 5. Subaqueous tunnel crossing a NC clay deposit: Required face support pressure as a function 
of the depth of cover for a sea depth d of 0 m (black lines) or 50 m (blue lines) (tunnel diameter D = 
10 m; strength coefficient a = 0.22 +15%; submerged unit weight y’ = 11 kN/m? +15%). 


is unstable: the distance of the tunnel from the seabed is too small for the given sea depth (or 
the hydrostatic pressure acting upon the seabed is too high for the given depth of cover). Two 
important limit cases of mechanized tunnelling are considered by the two diagrams of 
Figure 6: necessary face support pressure cp = 0, i.e. stable face conditions (Figure 6a); and op 
= 15 bar, which was the slurry pressure over long stretches of the Lake Mead Intake No. 3 
tunnel (Anagnostou et al. 2018), that is the highest face support pressure to be applied in 
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Figure 6. Subaqueous tunnel crossing a NC clay deposit: Required depth of cover h over sea depth d, 
(a), for open mode operation and, (b), for closed mode operation at 15 bar face support pressure (tunnel 
diameter D = 10 m; strength coefficient a = 0.22 +15%; submerged unit weight y’ = 11 kN/m?* +15%). 
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Figure 7. Open mode operation in a subaqueous tunnel crossing an OC clay deposit: Stability condition 
in terms of sea depth d, depth of cover h and OCR at the tunnel axis (tunnel diameter D = 10 m; strength 
coefficient a = 0.22; submerged unit weight y’ = 11 kN/m*). 


mechanized tunnelling so far (Figure 6b). The diagrams thus serve for assessing the feasibility 
of open mode TBM operation (Figure 6a) or of any shield tunnelling (Figure 6b) without aux- 
iliary measures such as advance drainage, grouting or freezing. (Feasibility is understood here 
as feasibility of proven techniques and pressures, without considering conceivable and reason- 
able further technological progress.) 
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As an application example, the case of the planned Gibraltar Strait tunnel will be con- 
sidered. The central part of this tunnel is expected to cross breccia, a NC clay matrix with 
hard inclusions (Dong et al., 2013). The sea is 300 m deep. The minimum depth of cover for 
a such great sea depth is equal to 100 - 230 m, depending on the shear strength (Figure 6b, 
points A and B). According to the current vertical alignment, the tunnel will cross the breccias 
at a depth of 200 m underneath the seabed (Lombardi et al., 2009). This appears reasonable, 
considering the conceivable technological advances with respect to feasible face pressure 
(Figure 6b assumes a maximum pressure of 15 bar) and that the breccia strength is towards 
the upper ranges (Dong et al., 2013). 

Overconsolidation is also extremely important, of course, for subaqueous tunnels. Figure 7 
shows on the vertical axis the minimum distance to the seabed that would be necessary for 
open mode operation, as a function of the OCR at the tunnel axis (horizontal diagram axis) 
for sea depths d of 0 - 300 m. For a sea depth of, e.g., 100 m, and an OCR of | - 2, the min- 
imum depth underneath the seabed is equal to 40 - 120 m (Figure 7, points C, D). 


4 CONCLUSIONS 


Based upon a new and sufficiently accurate analytical solution to the undrained face stability 
problem and a well-known empirical relationship for the shear strength of clays, generic dia- 
grams have been provided for the preliminary assessment of the face stability conditions of land 
tunnels and subaqueous tunnels crossing normally consolidated or overconsolidated clays. 

The results presented illustrate the intricate relationship between the necessary face support 
pressure and the overburden, and the enormous effects of vertical alignment and overconsoli- 
dation on face stability conditions. 
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ABSTRACT: This paper compares the life cycle cost (LLC) and safety level of a single bore 
bidirectional (SBB) tunnel including semitransverse ventilation and a parallel escape adit (PEA), 
with a twin bore unidirectional (TBU) tunnel of the same length. The tunnel’s length is arbitrarily 
selected 3800m. The design fire for the SBB tunnel is selected 100MW;; the civil works of the SBB 
tunnel also include a 400m high ventilation shaft with a vent fan room at its top. Two traffic cross 
sections have been examined, the first including a clearance borderline (CBR) 7,5m wide and 4,5m 
in height, and the second a CBR 8,5m wide and 5m in height. A PEA either for pedestrians or for 
emergency vehicles has been examined. LCC costs have been included reinvestment cost, oper- 
ation & maintenance cost and accidents cost. Within the design life of the structure and under the 
considered assumptions, the SBB tunnel has been found becoming more expensive than the TBU 
tunnel in all cases. 


1 INTRODUCTION 


1.1 Road and tunnel design criteria 


The design of a road tunnel system is mainly determined by the highway characteristics and 
related standards. EU directive 2004/54/EC (EU Directive 2004) on the minimum safety 
requirements for tunnels in the trans-European network, sets AADT>10 000 vehicles per day 
per lane as the main criterion for building a unidirectional tunnel or upgrading an existing 
bidirectional. This criterion concerns a 15-year traffic forecast for tunnels at the design stage. 

In addition, in the same directive, another criterion defining the tunnel design, is the number 
of lanes outside the tunnel. The same number of lanes (except the emergency lane) shall be 
maintained inside and outside the tunnel. This means that a tunnel in a two-lane bidirectional 
road, will be also planned as two-lane bidirectional. Compliance with the first criterion is pre- 
supposed. This criterion is also in line with the FHWA-NHI-10-034, 2009 (FHWA 2009) and 
the CD 352 (Highways England 2020). These documents mention that the planning of road tun- 
nels should generally adopt the same standards as for surface roads and bridge options. 

Tunnel ventilation is another criterion that determines to a certain extent the design of the 
tunnel. Under specific design assumptions, the ventilation system will influence the tunnel’s cross 
section dimensions. This for example can happen, if transverse or semi-transverse ventilation is 
adopted instead of a longitudinal one. The ventilation method adopted, will also define additional 
structural works that may be needed such as ventilation adits/shafts and ventilation fan rooms. 


DOI: 10.1201/9781003348030-52 
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1.2 Scope of this paper 


Depending on the design standard adopted and the outcome of a risk analysis, long bidirectional 
tunnels could require transverse or semi-transverse ventilation and the construction of ventilation 
adits/shafts. Therefore, the associated construction and operation costs can be also high. In such 
a case, a possible question that may arise is whether it is financially justified to construct a twin 
tunnel with longitudinal ventilation instead. This is because, despite the fact that the construction 
costs of the latter are expected to be higher, its operation and maintenance costs are expected to be 
lower. The answer to such a question becomes more interesting if increased traffic volumes will 
require the construction of a second tunnel bore in the future. The scope of this paper is to compare 
the costs and safety of two tunnel systems of the same length: One including a single bore bidirec- 
tional (SBB) tunnel with semi-transverse ventilation and the other including a twin bore unidirec- 
tional tunnel (TBU) with longitudinal ventilation. The tunnel system length is arbitrarily selected to 
be 3 800m. 


2 VENTILATION ASSUMPTIONS 


2.1 Selected directives and guidelines 


Road tunnel ventilation is controlled to a certain extent in EU directive 2004/54/EC (EU Dir- 
ective 2004). The tunnel length (L>1000m), the traffic volume (AADT>2000 vehicles per lane) 
and the congestion conditions, are main criteria to be considered in a risk analysis for selecting 
mechanical longitudinal, transverse or semi-transverse ventilation for a given tunnel. 

RABT (RABT 2006), provides more detailed criteria for the selection and the sizing of the 
ventilation system depending on the tunnel traffic mode, i.e., bidirectional or unidirectional 
and the traffic composition (No of HGVs). The same holds for the RVS 09.02.31 (FSV 2014). 


2.2 The SBB tunnel system 


For the single bore bidirectional (SBB) tunnel system option, a semi-transverse ventilation 
system has been selected as per EU Directive (EU Directive 2004) and RABT 2006 (RABT 
2006). The suspended ceiling ends at least 200m before the tunnel portals. At these > 200m 
long sections at either tunnel portal, a number of jet fans have been installed for balancing 
wind/barometric pressures. A design fire 1OOMW was selected for the bidirectional tunnel 
option. According to RABT 2006, a 100MW design fire is selected for HGV-:km/(day and 
tube) > 6000. The latter, is for a two-lane 3,8km long bidirectional tunnel assuming 15% of 
HGVs in almost 5 300 vehicles/day/lane. This assumption requires a ventilation duct of 
a cross section 218m. This is for a smoke/air mixture suction capacity about 360m°/s includ- 
ing air leakages from fire dampers and for a maximum allowable air speed of 20m/s. 

Two possible options can be examined for the ventilation of the SBB tunnel option depend- 
ing on local conditions. The first includes two ventilation fan rooms at either tunnel portal. 
The second, one larger ventilation fan room in the middle of the tunnel, at the top of 
a vertical ventilation shaft. This is due to the double fresh air supply demand and the higher 
pressure drop along smoke extraction route. This requirement also results into the selection of 
axial fans with higher flow capacity and static pressure. 

In the current comparison the second option has been assumed, i.e., a single ventilation 
room at the top of 400m long ventilation shaft. Following preliminary calculations, the useful 
diameter of the ventilation shaft has been estimated 5,2m. 


2.3 The TBU tunnel system 


For the twin bore unidirectional (TBU) tunnel system option, a mechanical longitudinal 
system has been selected as per the EU directive, article 2.9 (EU Directive 2004). In addition, 
RABT 2006 assumes the construction of a smoke extraction point at tunnel mid. The latter 
however is possible to be omitted, as assumed here, following a risk-cost analysis. 
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The preliminary dimensioning of the ventilation system of the TBU tunnel has been done 
following RABT (2006) § 4.3.3. With the same AADT as in the SBB tunnel, the design fire of 
the ventilation system falls to SOMW. This is due to the sharing of this AADT value in two 
tubes i.e., four traffic lanes. In addition, a single directional longitudinal inclination ~1.5% has 
been considered. Other systems that are included in the SBB and the TBU tunnel options are 
discussed in detail in Table 1. 


3 CROSS SECTIONS OF UNDERGROUND WORKS 


3.1 Main structural safety measures 


In addition to the vent shaft and the vent fan room, a parallel escape adit (PEA) is also 
required along the SBB tunnel. PEA is assumed to be connected to the SBB tunnel with 12 
cross passages 300m apart. Two sub options have been examined as regards the PEA: One 
including a PEA for pedestrians only and one including a PEA accepting emergency vehicles 
too. The latter is not mandatory by the EU directive (EU Directive 2004) but it may be asked 
for, from the emergency services. Lay-bys are required in both the SBB and the TBU tunnels, 
however they have not been included in the cost comparison, as they are the same in both 
options. The same holds for the cross passages. 


3.2 Geometry of cross sections 


As discussed in the previous paragraphs, the preliminary estimation of the ventilation require- 
ments has been done for two basic options. The first option is an SBB tunnel 3 800m long 
with semi-transverse ventilation designed for a 1OOMW design fire. It also includes a vertical 
smoke extraction shaft 400m high with a ventilation fan room at the top of it, and a parallel 
escape adit for pedestrians or emergency vehicles with 12 cross passages and lay-bys. 
The second option is a TBU tunnel with longitudinal ventilation for a 50MW design fire, also 
including 12 cross passages and lay-bys. 

For the TBU and the SBB tunnel systems two types of cross sections have been examined as 
regards the dimensions of the clearance borderline (CBR). The first type complies with 
a RABT (2006) case and includes two traffic lanes 3,5m wide, two hard shoulders 0,25m wide 
(i.e., a total pavement width 7,5m) and two walkways 1,00m wide. The clearance height is 
4,5m. The second type includes two traffic lanes 3,75m wide, two hard shoulders 0,5m wide 
(i.e., a total pavement width 8,5m) and two walkways 1,00m wide. The clearance height is 
5,00m. For both tunnel systems the clear space of the cross-section types examined are in 
Table 1. 


Table 1. Clear space of the cross sections of the SBB and the TBU tunnels. 
Main tunnel Main tunnel PEA PEA Ventilation 
Tunnel CRB 7,5mx4,5m CRB 8,5mx5m Pedestrians Emergency vehicles Shaft 


TBU 52m? 66m” - z - 
SBB 67m? 76m? 11m? 24,5m° 21,2m? 


The TBU cross section with the 52m? clear space is shown in Figure 1. In comparison to the 
TBU tunnel, the cross section of the SBB tunnel incorporates the false ceiling and the 18m? 
ventilation duct and results into clear space 49m*+18m” = 67m” (or 76m? the one with the 
larger CBR). 

The cross sections of the PEA (for pedestrians or for pedestrians/emergency vehicles) of the 
SBB tunnel, are also in Figure 1. The dimensions of the pedestrian’s safety adit have been 
selected so as to fit ordinary construction equipment. 
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Figure 1. Cross sections of the TBU (52m°) and SBB (67m°) tunnels, PEA cross section for pedestrians 
11m?, PEA cross section for pedestrians/emergency vehicles (24,5m°). 


4 INITIAL COSTS 


4.1 Equipment 


The E&M systems for each option i.e., SBB and TBU tunnel system that have been costed are 
included in the following Table 2 together with the relevant costs. Preliminary calculations of 
these systems have been elaborated for the larger cross sections to approach a maximum cap 
cost estimate for the equipment. 


Table 2. Quantities and costs of the SBB and TBU tunnel E&M works referring to the whole tunnel 
system. 


k€ SBB k€ TBU 
Installations (76m?) (66m?) 
Lighting: tunnel lighting, escape adit lighting (SBB), access roads lighting: 550 660 
Ventilation system: Tunnel ventilation equipment, Ventilation fan room 3260 1160! 
(SBB), Instrumentation: 
Power supply and distribution: Substations, Cabling infrastructure: 1620 1260 
Fire protection: Passive fire protection, Fire detection, Fire hydrants: 360 610 
Emergency phones: 100 180 
Public address system: 30 50 
CCTV system: 320 480 
Traffic management system: 190 300 
Radio re-broadcasting system: 300 400 
Control systems: 400 500 
Buildings: (SBB)Ventilation fan room”, Fan room substation (SBB), 2220 660 
West portal substation, East portal substation: 
Total: 9370 6260 


' From the preliminary calculations, the jet fans system comprises: 14 pcs Jet fans, reversible, o112cm/1500N/ 
54kW, and 8pcs Jet fans, unidirectional, 9112cm/1500N/42kW for the right bore and 14pcs Jet fans, revers- 
ible, @112cm/1500N/54kW, and 4pcs Jet fans, unidirectional, @112cm/1500N/42kW for the left bore. 

? Such a ventilation fan room has dimensions approximately 32(L)X20(W)X8(H)m and consists of: 

a) asmoke suction and fresh air supply chamber connected to the shaft, b) three (3) reversible axial fans 
with capacity of 3X120m7/s, working in parallel; the static pressure of axial fans is estimated to be 2,000 
to 2,500Pa, c) fire dampers at the inlet and the outlet of each axial fan, d) outlet/inlet chamber equipped 
with noise silencers, e) fire dampers at inlet and outlet of each axial fan, f) outlet/inlet chamber equipped 
with noise silencers 


4.2 Civils 


For the estimation of the construction costs of the civil works, it has been assumed that the tunnel 
excavation will take place in moderate ground conditions requiring face protection and pre- 
reinforcement. No temporary or permanent inverts have been assumed. The quantities of the 
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excavation and the support measures per linear meter of one bore of the 52m” TBU tunnel are 
included in Table 3. Cost estimations have been based on unit prices (cost of materials and works 
only) of the official Greek unit rates for underground works. The cost values presented herewith are 
similar with those presented in the literature for Greek tunnels (Benardos et al. 2013, Petroutsatou 
& Lambropoulos 2010). Based on the assumptions described above, and following additional calcu- 
lations for the examined cases, Table 4 shows the construction costs of the relevant civil works. 


Table 3. Quantities and costs of the 52m? TBU tunnel civil works referring to one bore per linear 
meter. 


Excavation and support €/m Final lining €/m 


Excavation: 72m? 4700 Concrete C30/37, 9m7/m: 1470 
Shotcrete shell 20cm thick: 5,5m? 920 Steel reinforcement 850kg/m: 1020 
Steel mesh: 40m? 45 Waterproofing: 450 
Anchors superswellex: 48m 1200 Pavement, fill, ducts, hydraulics: 1860 
Spiles 300kn, 1=4m: 88m 2200 

Lattice girders 95/20/30: 14m 535 

Subtotal: 9600 Subtotal: 4800 


Table 4. Quantities and costs of the 
SBB and TBU tunnel civil works refer- 
ring to the whole tunnel system. 


Installations (civils) kE 

TBU 52m° 109440 
TBU 66m? 139000 
SBB 67m? 72000 
SBB 76m? 81600 
PEA pedestrians 11590 
PEA emergency vehicles 25783 


Ventilation shaft 5000 


4.3 Total initial costs 


The total immediate construction costs (civil works plus E&M equipment) of the tunnel systems 
are in Table 5. 


Table 5. Initial cost of tunnel systems. 


Installations Installations Total cost 


CBR 7,5m wide & 4,5m in height TBU (52m’) 116 000k€ 
SBB (67m°) + PEA for pedestrians + Ventilation Shaft 98 000k€ 
SBB (67m”) + PEA for vehicles + Ventilation Shaft 112 000k€ 
CBR 8,5m wide & 5,0m in height TBU (66m) 145 000k€ 
SBB (76m) + PEA for pedestrians + Ventilation Shaft 108 000k€ 
SBB (76m7) + PEA for vehicles + Ventilation Shaft 122 000k€ 


Le., the construction cost of the SBB tunnel ranges 72% to 94% the TBU tunnel cost. Muta- 
tis mutandis these values are in line with the conclusion of an EU research project on tunnel 
CAPEX values, mentioning that the average unit cost of single-track tunnels is approximately 
20% lower than the average cost of double track tunnels (Attina et al. 2018). 
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5 FOLLOW UP COSTS 


5.1 Reinvestment costs 


The reinvestment (equipment replacement) and operation and maintenance (OM) costs have 
been examined throughout a 100- and 120-year design life of the tunnel system. This is con- 
sidered common design life periods for such significant structures. A periodic replacement of 
the equipment every 20 years has been assumed according to ABBV in (DAUB 2018). 


5.2 Operation and maintenance costs 


For the SBB and TBU tunnel, the energy, operation and maintenance costs have been esti- 
mated from the values of the factor: Annual Operating Costs/Original Equipment Costs 
which are discussed in PIARC’s report ‘Reduction of Operational Cost of Road Tunnels’ 
(PIARC 1999). Assuming a well-equipped and maintained tunnel, a factor value 8,4% has 
been adopted for the SBB tunnel system, and the annual O&M cost results 8,4% X 9 370k€ = 
749 000€/year. Similarly, for the TBU tunnel system a factor value 6,5% has been adopted, 
and the relevant O&M cost results 6,5% X 6 260k€ = 406 900€/year. In addition, it has been 
assumed that the antiskid layer is replaced every 10 years and the base layer every 20 years. 
The costs for each one activity have been assumed 13€/m?. 


5.3 Accidents costs 


To estimate the accidents cost in the tunnels, the safety level of both tunnel systems has been 
analyzed at a preliminary level with the Austrian Tunnel Risk Model °TuRisMo” (https:// 
www.tunnelriskmodel.at/). The input data for each tunnel system analysis are included in 
Table 6, while the risk analysis results are in Table 7. The tunnel specific damage and injury 
extend values has been according to TuRisMo II data. 


Table 6. Input data for preliminary risk analysis. 


Input parameters TBU tunnel SBB tunnel 


Tunnel length (m) 3800 3800 
Slope <3% <3% 
Traffic speed 100km/h 80km/h 
AADT 7600 Ist bore/7900 2nd Bore 15500 
HGV % 15% 15% 
Buses % 1% 1% 
PC% 84% 84% 
Traffic jam conditions Sh/year 25h/year 
Fire brigade arrival time 20min 20min 


Table 7. Risk analysis results. 
Accidents TBU tunnel (fatalities/year) SBB tunnel (fatalities/year) 


Break down (road accidents etc) 0.0639 0.3609 
Fires 0.0035 0.0664 
Dangerous goods (toxic gases etc) 0.0004 0.0056 


From the results it is apparent that the SBB tunnel has about 5.3 times total higher 
Expected Risk Value than the TBU tunnel. As far as the Expected Risk Value (ERV) for fires 
in concerned only, the SBB tunnel has about 18.5 times higher ERV that the TBU tunnel. 

To estimate the cost of accidents in the two tunnel systems a value of statistical life (VOSL) 
equal to 1,3m€ has been assumed. VOSL is defined as the value that society deems 
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economically efficient to spend on avoiding the death of an undefined individual (European 
Commission 2015). 


6 ECONOMIC EVALUATION 


The economic evaluation of the SBB and the TBU tunnel system, has been based on the 
DAUB’s relevant recommendations (DAUB 2018). The initial cost for tunnel construction has 
been broken down to the following modules: excavation and immediate support, final lining 
(including infrastructure, pavement, drainage, cableducts, hydraulics) and tunnel equipment. 
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Figure 2. Curves of LCCs for the SBB and the TBU tunnel systems (7,5m pavement width, 4,5m clear- 
ance height). 
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Figure 3. Breakdown of LCCs for the TBU tunnel (52m2) and the SBB tunnel (67m2) with PEA for 
pedestrians and ventilation shaft. 


The follow-up costs comprise three modules: reinvestment, operation and maintenance 
(energy, operation of control center, maintenance of E&M installations, regular rehabilita- 
tions, road markings, pavement replacement) and accident costs. 

The initial costs and the follow-up costs determine the lifecycle costs. To create the Life 
Cycle Curves of the tunnel systems, the follow-up costs have been discounted with an interest 
rate 1,75% to estimate the Net Present Value (NPV). The LCC curves for the 67m? SBB and 
the 52m? TBU tunnel systems together with the relevant cost breakdown are in Figures 2 and 
3 respectively, while the LCC curves for the 76m? SBB and the 66m* TBU tunnel systems are 
in Figure 4. 
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Figure 4. Curves of LCCs for the 76m? SBB and the 66m? TBU tunnel option systems (8,5m pavement, 
5m clearance height). 


7 CONCLUSIONS 


The LCC curves of the TBU and the SBB tunnel systems in both Figure 2 and Figure 4 show 
that the TBU tunnel system becomes a safer and a more economic choice if life cycle costs are 
considered. This is the case, despite the higher initial (construction) costs of the first. In particular, 
as regards the cross section with the 7,5m wide x 4,5m height CBR, the SBB tunnel system 
becomes more expensive after almost 5 years of operation if it includes a PEA for emergency 
vehicles and a vent shaft. It also becomes more expensive in <30 years of operation if it includes 
a PEA for pedestrians only and a vent shaft (~40 years if the ventilation shaft is omitted). Simi- 
larly, as regards the cross section with the 8,5m wide x 5,0m height CBR, the SBB tunnel system 
becomes more expensive after almost 40 years or 90 years of operation depending on the presence 
of a PEA for emergency vehicles or for pedestrians only. 

The comparison may become more favorable for the TBU tunnel system if the SBB tunnel 
requires a larger cross section to host additional fans under the suspended ceiling. Such 
a requirement could arise when significant differences of the barometric pressure (FEDRO 
2008) exist between the tunnel portals. Such differences have been reported (Steinemann & 
Zumsteg 2004) in tunnels crossing high elevation massifs and due to the different microcli- 
matic conditions at the tunnel portals. 
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ABSTRACT: Steel fibre reinforced shotcrete (sprayed concrete) is a vital factor for achiev- 
ing long technical lifespan and safe performance for the support of hard rock tunnels. A large 
number of fibres must cross areas with large tensile stresses for the shotcrete to be efficient. 
Computed tomography (CT) is a laboratory testing technology based on X-ray scanning fol- 
lowed by digital image detection to visualize the material interior. This is here used in 
a mesoscale approach for investigation of in situ cored shotcrete samples containing full size 
fibres and aggregates. For investigating the occurrence and orientation of steel fibres in shot- 
crete this method is much more efficient than the traditionally used electron microscopy stud- 
ies of sawn thin slices, which is time consuming, costly, destroys the samples and provide 
limited information. The newly developed method provide a complete and detailed description 
of the fibre orientation within a cored shotcrete sample. 


1 BACKGROUND 


Technical lifespan and performance of hard rock tunnels rely on efficient rock support systems 
that most often contain shotcrete (sprayed concrete). With knowledge of the internal material 
structure, the properties of the shotcrete can be optimized to build more cost-effective, durable 
and safe tunnels and underground structures. The ability to adjust and control the composition 
of the shotcrete depends on knowledge of the material properties, material structure and distribu- 
tion of aggregates, pore system and fibres of steel or other materials if added. The capability of 
shotcrete to bond to a rock surface is one important property, but also the material ductility and 
tensile strength are of importance. These can be improved through the addition of fibres to the 
shotcrete mix, where a large number must be orientated so that they cross areas with tensile stres- 
ses. Thus, most fibres should be oriented in the plane of the shotcrete and preferably be located 
close to its outer, free surface. This will also distribute the tensile stresses so that multiple micro 
cracks will appear instead of possible single, wide cracks. A reduced amount of inactive fibres of 
for example steel in shotcrete leads to less use of steel, aggregates and cement. Being able to effect- 
ively take samples in situ for detailed examination will make it possible to effectively follow up 
the performance and any initiated degradation of the shotcrete structures. This would lead to 
increased safety and more efficient operation and maintenance planning. The traditional investi- 
gation method for the internal structure of concrete and shotcrete samples is sawing thin slices to 
be studied through electron microscopy. This is time consuming, costly, destroys the samples and 
provide limited information. However, computed tomography (CT) has begun to be used for 
concrete material investigations, which is a laboratory testing technology based on X-ray scan- 
ning followed by digital image detection to visualize the material interior. Most investigations 
have focused on the micro scale material structure, with special focus on particles and internal 
pore structure. To study the orientation of steel fibres, a mesoscale approach is needed, suitable 
for investigation of in situ cored samples containing full size fibres and aggregates. In two projects 
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(Ansell et al., 2016 and Ansell, 2022) the technique have been used to develop a method suitable 
for investigating cylindrical, normal-sized test cores of shotcrete taken in situ. The analysis results 
are presented following a systematic setup with diagrams giving the 3D position of the respective 
fibres with angles of inclination in the horizontal plane and relative to the longitudinal axis. Of 
special interest is to investigate if and when a high degree of fibres are optimally oriented in shot- 
crete compared to in cast concrete. The goal is to use the method as a tool for achieving a more 
efficient use of steel fibres in shotcrete, with the right volume in the right place and applied with 
the right method. Thus far the method can be used for steel fibre reinforced shotcrete but work is 
ongoing for adoption to use with other fibre materials, see also Ansell et al. (2017, 2018, 2022) 


2 FIBRE REINFORCED SHOTCRETE FOR TUNNELS 


The ability to form a strong bond with the rock material makes shotcrete suitable for use in rock 
tunnel support where the application through spraying onto irregular surfaces also excludes the 
use of formwork. For the function as a relatively thin load-bearing shell a shotcrete lining must 
have a ductile behaviour when subjected to deformations perpendicular to its surface (Höfler 
et al., 2020). For most large scale tunnels through hard rock the wet mix shotcrete method is 
today used. Often are fibres added to the mix prior to spraying, which will give a change of failure 
mode from brittle to ductile when the shotcrete is subjected to large tensile stresses. To enhance 
the ductile performance macro fibres are used, most commonly of steel or synthetic materials, but 
also fibres of e.g. basalt are becoming more common. These types of larger fibres usually have 
a length between 25 to 60 mm and a transverse dimension or diameter of 0.3 to 3 mm. Also smal- 
ler, micro fibres with a length less than 20 mm are sometimes added, mostly to reduce the risk for 
cracking due to shrinkage or to increase the resistance to fire. These fibres, that have cross- 
sectional dimensions as small as 25 um, are often of synthetic materials or as shown in Figure 1 
(Right) glass fibres. The figure also give examples of (Left) different types of macro fibres of steel, 
basalt and synthetic materials. 

In the following the focus is on macro fibres made from steel which today is the dominant type 
for use in shotcrete (Holmgren & Silfwerbrand, 2017). The most common versions are made of 
high quality steel with a diameter of 0.5 to 1.0 mm and a length of 35 to 60 mm, including one or 
more bend or hook at each end to provide anchorage, as seen in Figure 1. The recommended 
amount of steel fibres in wet mixed shotcrete for hard-rock support is often within 40-60 kg/m*, 
with a fibre length that are at least three times the size of the maximum aggregates to provide 
a sufficient bond in the material matrix (Vanderwalle, 1998). The maximum amount of fibres that 
can be practically added are however restricted by the requirement for pumping and spraying the 
material. 


Figure 1. Different types of macro fibres (Left); steel fibres (1-3), synthetic fibres (5, 7) basalt fibres 
(9-10) and (Right); micro glass fibres added during concrete mixing. From Ansell et al. (2022). 
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3 INVESTIGATING STEEL FIBRE DISTRIBUTIONS 


Computed tomography (CT) is now an established laboratory testing technology for investiga- 
tion of cast concrete materials, but with very few studies on shotcrete. One exception is by 
Ansell et al. (2016) who demonstrate how the method can be practically used with in situ test 
samples. The results are given as distributions of cement paste, aggregates, air pores and steel 
fibres. The numbers of fibres are important for their efficiency in the material, but it is also 
important to know how these are oriented vs tensile stresses due to for example flexural 
deformation. Therefore, a follow up laboratory study in combination with the development of 
a numerical post scanning analysis routine have been carried out by Ansell (2021), here sum- 
marized in the following. 


3.1. CT-Scanning 


The method is adapted for examination of steel fibre orientation in standard size test cores 
taken in situ. A core with about 70 mm in diameter is extracted perpendicular to the shotcrete 
surface and will thus have cut off fibres visible on its outer surface. A cast concrete cylinder, as 
shown in Figure 2 (Left) may instead show intact fibres on the surface. The concrete and shot- 
crete samples investigated were scanned with a specialized CT system of the type NSI X5000 
(North Star Imaging, 2021). The system is fully integrated and complete with X-ray sources, 
image detectors and a workstation for data acquisition, numerical post-processing and presen- 
tation of results, see Ansell (2021). When a cylindrical test core is scanned it is placed on 
a turntable inside the scanner and during rotation exposed to X-ray beams while rotated, as 
shown in Figure 3. Different materials are identified on basis of the specific material attenu- 
ation effect on the X-ray beams passing through the core. The results can after numerical pro- 
cessing be presented with grey scale 3D images as shown for the concrete cylinder in Figure 2. 
By adjusting the grey scale intervals of interest and point of observation it is possible to study 
the cylinder with all materials visible (Left) or with for example only steel materials visible 
(Centre). It is also possible to show sections through the scanned volume (Right). As seen, the 
denser material which here is steel, appears white while aggregates and the cement paste are 


Figure 2. CT-scanned cast concrete cylinder. Outer surface (Left), steel fibres (Centre) and section 
through the core (Right). From Ansell (2021). 
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in darker shades of grey. With the developed method data from a completed CT-scan are 
stored as a sequence of cross-sectional circular area images along the longitudinal axis of 
a shotcrete core. The images in bitmap format clearly show the crossing steel fibres as white 
circles or ovals. 


PA Planar 
detector 


Turntable 


X-ray point source 


Figure 3. Scanning of rotating, circular test sample (Ketcham, 2016). 


3.2 Post scanning analysis method 


The second stage of the investigation of a shotcrete test core is done with the post scanning ana- 
lysis method specially developed within the project (Ansell 2021). For 3D visualization such as in 
Figure 2 data are stored as 3D volume picture elements, voxels, but for the post scanning analysis, 
sequences of 2D images in bitmap format are used. On each image of a circular cross section the 
white areas or dots representing a crossing steel fibre are identified and numerically stored. The 
complete results can be visualized as points in a 3D volume, as shown in Figure 4 (Left). The next 
analysis step is to sort the points after height in the cylinder volume and draw one path that 
crosses each of these bitmap points (Centre). 

The next step then consist of identifying sharp turns on this path, or sections with large dis- 
tance between the points. These criteria is used to identify the beginning and end of fibres, as 
shown in Figure 4 (Right). The sequences of aligned bitmap points representing one fibre can in 
this way be approximated by a vector represented by only two points in an (x,y,z) system. It 
should be noted that some fibres may be represented by two or more vectors. A special routine 
have been developed to identify such aligned vectors and connect them so that only the outer 
points are stored as representative for the fibre. The positions of all detected fibres in a shotcrete 
cylinder can then be plotted in this 3D system and described with angles of inclination in the 
horizontal plane and relative to the longitudinal axis, see Figure 5. 


4 IN SITU SHOTCRETE SAMPLES 


The test and analysis method is demonstrated with two of the examples reported by Ansell 
(2021). Cores with different spraying directions are chosen and compared with results 
obtained for cast concrete. First are the CT-scanning results shown, followed by post scan- 
ning analysis results. 
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Figure 4. Three steps of the post scanning analysis method showing how bitmap point representation of 
steel fibres are transformed into vector representation, with end points noted by circles. From Ansell 
(2021). 


10 0 


Figure 5. Example of presentation of analysis results in 3D (Left) and definition of fibre inclinations Oxy 
versus the horizontal plane and 0, versus the vertical axis (Right). From Ansell (2021). 


4.1 CT-scanning results 


The first sample examined is a drill core consisting of steel fibre reinforced shotcrete on 
a section of rock, Figure 6 (Left). Here are also only its fibres shown (Centre), together with 
the spraying direction. For the second example, only the fibres are shown (Right) and here it 
can be seen that the core was taken in the direction perpendicular to the spraying of the ori- 
ginal beam. 


439 


Figure 6. Results from CT-scanning of a core with rock and fibres (Left and Centre) and from a core 
taken from a sprayed shotcrete beam (Right). The arrows indicate the spraying directions. From Ansell 
(2021). 


Both example cores contain approx. 30 kg/m? steel fibres of the type Dramix 30/0.5, with 
a diameter of 0.50 mm and a length of 30 mm, incl. end hooks. The first core (Figure 6, Left 
and Centre) consists of shotcrete and rock, has a diameter of 72 mm and a height of 129 mm. 
The steel fibres are at a height of 8-81 mm from the base of the core. At the 64 mm level the 
rock enters the core and from the 74 mm level upwards the cross-section is no longer completely 
circular. The CT-scanned volume is 89.1X138.0X110.6 mm/?, described by 1261x1952x1564 
voxels of size 70.7 um. The second core (Figure 6, Right) was taken through a 75x125x500 mm 
test beam from a 2x1.2x0.5 m shotcrete plate where the spray direction was perpendicular to 
the core axis. The diameter is 56 mm and the height 128 mm. The CT-scanned volume is here 
65.4x131.0x65.0 mm’, corresponding to 9741949968 voxels of size 67.2 um. 


4.2 Examples of fibre distribution 


Results after post scanning analysis are presented with six connected diagrams, as here in Fig- 
ures 7-8. The position of one fibre in the cylindrical volume is shown as vertical lines in two 
diagrams with the horizontal axes giving the inclination angles 0,, and 0,, respectively. Each 
fibre is thus represented by equally long lines in each diagram, however some not of full 
length since they may have been cut during the sample extraction. Below these are sums for 
every 10° intervals, shown with bar diagrams. The third upper diagram, to the very right, 
shows the number of fibres intersecting cylinder cross sections at each height. The positions of 
the fibres within the cylinder volumes are shown as divided into four quadrants corresponds 
to the compass directions. 

The results in Figure 7 show that for the shotcrete core, which was sprayed in its longitu- 
dinal direction, the angle Oxy has an even distribution. The slopes @, perpendicular to the hori- 
zontal plane are clustered towards zero, i.e. with almost horizontally oriented fibres which is 
a direct result of the spraying process. Note that relatively few fibres are situated in the NW/ 
SW half of the cylinder. From Figure 8 it can be seen that when the spraying direction is 
changed to the perpendicular direction the distribution over 0, will shift towards larger values 
of inclination, i.e. the majority of the fibres will be orientated along the length of the core. 
Here the distribution over @,, are shifted to larger angles, indicating the spraying direction in 
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the xy-plane. For comparison two examples from a cast wall and slab are given in Figure 9. 
The different distributions over 0, is a result of the interference from the formwork for these 
horizontal and vertical elements. 
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Figure 7. Results for the first example core (Figure 6, Centre). Inclination and height position, and number 
of crossing steel fibres in each height section and quarter of the cylinder volume. From Ansell (2021). 


5 COMMENTS AND CONCLUSIONS 


This paper summarizes a project that demonstrate how CT-scanning based on X-ray tomog- 
raphy can be used to investigate steel fibre orientation inside tunnel shotcrete. The advantage 
is that the method is more efficient than traditionally used microscopy investigations of sawn, 
thin concrete slices. The results give a full picture of the fibre distribution instead of local 
snapshots, and also leaves the test cores intact for further investigation or strength testing. 
A specialized investigation method have been developed together with a systematic presenta- 
tion set-up that facilitate comparison between different fibre shotcrete types and shotcreting 
situations. 

The analysis method is adapted for examination of normal-sized shotcrete drilled test cores 
and has for this application been tested and verified within the current project. Data from 
a completed CT-scan are stored as a sequence of cross-sectional images along the longitudinal 
axis of a concrete cylinder. The images that are in bitmap format are used for post processing 
with a specially written program. The numerical calculations extract vector based information 
on the orientation of fibres from the 3D image data that is the result from CT-scanning. 

The method have been used to study the difference in fibre orientation in shotcrete com- 
pared to in cast concrete. In tunnel shotcrete the fibres are oriented perpendicular to the 
spraying direction, whereas they follows a normal distribution in volume concrete. In cast 
concrete with one thin direction, e.g. walls and slabs, similar fibre orientations as in shotcrete 
can however be seen as a result of the interference from the formwork. 


441 


120 
100 
80 


60 ff 


Height (mm) 


40 


20 


A 20 40 60 80 o 20 40 60 80 "6 50 


O, “(tll O, il No, of fibres 


"6G NE 
Sw SE 
Figure 8. Results for the second example core (Figure 6, Right). Inclination and height position, and 
number of crossing steel fibres in each height section and quarter of the cylinder volume. From Ansell (2021). 


Figure 9. Examples of fibre orientations in cast concrete floor slab (Left) and wall (Right). From Suur- 
unen et.al. (2013) and Ponkiewski et.al. (2015). 


By being able to observe the orientation of fibres inside the shotcrete material, the perform- 
ance of rock support can be optimized. The right volume of shotcrete and fibres at the right 
place and applied with the right method will reduce the amount of inactive fibres. A more effi- 
cient shotcrete performance can then be obtain with less fibres, which will save material and 
construction costs, resulting in safer, more secure and sustainable infrastructures. The focus of 
this first project was on steel fibres but work is ongoing also to adopt the method for investi- 
gation of shotcrete containing fibres of other materials than steel. 
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ABSTRACT: Construction of underground works in densely built-up areas involves dealing 
with the potential impact of tunnelling-induced displacements on adjacent buildings and infra- 
structure. This paper presents the methodology and discusses the results of a numerical model 
analysis carried out at a feasibility stage to assess the stability conditions and displacements 
caused by the excavation of a large-span shallow underground mined metro station cavern 
and ancillary tunnels for Sydney Metro in a densely built-up area in Sydney’s Central Business 
District. Emphasis was given to the modelling of the tunnel excavation and support sequence 
to capture relevant failure mechanisms and potential impact on nearby infrastructure. 


1 INTRODUCTION 


Rapid urbanisation is causing an increasing demand for the use of underground space to pro- 
vide sustainable solutions for transportation, storage and other urban society needs, reducing 
environmental impact and improving the overall life quality of cities. In this context, Metro 
systems are continuously growing in major cities around the world, requiring the construction 
of larger connection hubs in densely built-up business districts. These often take the form of 
large-span caverns and complex ancillary tunnels excavated with shallow cover and in close 
proximity to structures and utilities. 

The assessment of the potential impact caused by tunnelling-induced displacements on adjacent 
infrastructure is a determining aspect in the feasibility stage of such major underground works, 
especially when located in a densely built area and in close proximity to nearby infrastructure. 

Sydney Metro is preparing the concept reference design for the Eastern Tunnelling package, 
which involves 3.5 km of running tunnels routed between Sydney’s Central Business District 
(CBD) and The Bays Station. The package covers two new mined large station caverns. 

This paper presents the Finite Element Modelling (FEM) carried out with the commercial 
software PLAXIS 3D (Bentley 2022) for a large-span tunnelling work in Sydney’s CBD at the 
concept design stage. The cavern is located in a densely built-up area and the modelling 
incorporated all the nearby buildings and underground heritage structures like Tank Stream 
and Bennelong stormwater channel. 


2 BACKGROUND 
The outlined concept design aims to inform tenderers regarding the ground conditions, space 


proofing requirements and the details of external interfaces within the project boundary. Due 
to the complexity of the tunnelling works, the nature of the ground conditions and its location 
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within a densely built area and proximity to nearby infrastructures, the execution of a 3D 
finite element method (FEM) analysis of the station was decided to provide a higher level of 
confidence on the proposed tunnelling works. The modelling consists of a large, mined cavern 
and associated adits which connect the cavern to an adjacent access shaft. The cavern is 
approximately 180 m long with an approximate span and height of 30 m and 21 m, respect- 
ively. Figure | shows the cross sections of the station cavern and the station adits. 


’ Ail v 


Figure 1. Cavern cross section (left) and station adits (right). 


Based on the previous tunnelling experience in Sydney, the cavern construction is planned to be 
carried out with the use of the Sequential Excavation Method (SEM) with Roadheader excava- 
tion. The primary support comprises reinforced shotcrete with a pattern of rock bolts and canopy 
tubes installed at the cavern crown. A final reinforced inner concrete lining is foreseen to ensure 
the long-term structural capacity and serviceability of the station. 

Due to the overall planning requirements established for the station (e.g., accessibility, track align- 
ment) and the densely built-up environment, the cavern was placed with limited clearance to the 
nearby buildings and their basements (see Figure 2). With the cavern height of nearly 20 m and the 
presence of underground heritage utilities at 8 to 10 m deep, it was then inevitable that the cavern 
had been positioned in the relatively shallower ground to minimise the pedestrian travelling distance 
between the street level to the platform. These requirements led the cavern overburden to be only 
around 12 m with a rock cover of approximately 6.5 m, keeping a minimum clearance of 4 to 
5 m from the underground utilities. Only limited as-built records of major buildings were available. 


STATION CAVERN 


STATION ADITS LOCATION 


Figure 2. A snapshot showing the proximity of the cavern to nearby structures. 


3 GROUND CONDITIONS AND PARAMETERS 


The tunnel lies within the geological region known as the Sydney Basin. The ground stratig- 
raphy at the station area consists of a superficial layer of manmade fill underlain by residual 
soils with localised alluvial sediments. Below the soil units, the Hawkesbury Sandstone can be 
found, which corresponds typically to a medium to coarse-grained quartz-rich sandstone. 
Figure 3 shows the geological long section at the cavern’s location. 

Tables 1 and 2 summarise the geotechnical parameters adopted for the geological units considered 
in the analyses. Mohr-Coulomb parameters have been adopted for the modelling in accordance 
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Figure 3. Geological longitudinal section along the main station cavern axis. 
with anticipated stress levels. Based on the provided geological long section, the cavern is anticipated 


to be excavated mainly through Hawkesbury Sandstone Classes I and II (Bertuzzi 2014), while the 
crown is to be excavated in Sandstone Classes III and IV (Bertuzzi 2014). 


Table 1. Assumed soil parameters. 


Bulk Unit Weight y Poisson’s Mass Modulus Cohesion c’ Friction Angle 
Material (kN/m°) Ratio v E (MPa) (kPa) 9’ (°) 
Alluvium 18.0 0.35 6 0 24 
Fill 20.0 0.30 30 0 30 


Table 2. Assumed rock parameters. 


Class of Bulk Unit Tensile 
Hawkesbury Weight y Poisson’s Mass Modulus Cohesion cœ Friction Strength 
Sandstone (kN/m?) Ratio v E (MPa) (kPa) Angle’ (°) — o (kPa) 
y 22.0 0.3 100 100 35 0 

IV 23.0 0.25 500 200 40 10 

Ul 24.0 0.2 1200 300 50 40 

H 24.0 0.2 2000 500 50 100 


Regional mapping sources for the Sydney CBD show major sub-parallel north-north-east 
trending geological faulting as being the dominant structural fabric. Major sub-vertical faults 
documented within the tunnelling work region include Martin Place Joint Swarm, GPO Fault 
Zone, and Luna Park Fault Zone. These features have horizontal persistence of up to several hun- 
dred meters, significant vertical continuity, and joint spacings of 0.1m to 0.5m. The geological fea- 
tures’ dip direction typically ranges around 50° and is generally considered tight with an aperture 
of just 0.5mm. Properties assumed for the main geological features are shown in Table 3. 


Table 3. Assumed parameters of the main geological features (sub-vertical faulting). 


Friction Normal Stiffness 
Joint Description Dip(°) Dip Direction (°) Cohesionc’ (kPa) Angle @’(°) (GPa/m) 


1 Faulting 5 50 5 27 0.5 


The groundwater level at the cavern area is approximately 2m below the ground surface 
level. Since the cavern is designed to be a drained structure, no groundwater pressure was con- 
sidered in the analysis. 
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4 MATERIAL PARAMETERS 


The primary support shotcrete lining is reinforced with the use of steel fibre reinforcement. Prop- 
erties adopted in the models are presented in Table 4. The progressive gain of compressive shot- 
crete strength was modelled by considering four different stages during tunnel advance in the 
FEM model, corresponding to compressive strengths of 15, 20 and 32 MPa for the initial three 
advances and final strength of 40 MPa. 


Table 4. Shotcrete lining properties. 


Parameter Symbol value 
Uniaxial compressive strength (cylinder) Tt’. (MPa) 40 
Poisson’s ratio Ve 0.25 
Young’s modulus E. (MPa) 32,800 
Unit Weight y (kN/m?) 24 


Rock bolts are black steel bolts, and their adopted properties are summarised in Table 5. 


Table 5. Rock bolts properties. 


Location Diameter (mm) Length (m) Spacing 
Cavern sidewalls 24 5 1.5mx1.5m 
Adits headings 24 4 1.2mx 1.2m 


Because of the shallow ground cover and proximity to nearby structures, grouted canopy 
tubes were used as a pre-excavation support system spaced with a center-to-center distance of 
three times their diameter. Their properties are summarised in Table 6. 


Table 6. Canopy tubes properties. 


Backfill grout Compressive 
Outside Diameter (mm) Wall thickness (mm) Inside Diameter (mm) strength f’. (MPa) 


139.7 10 119.7 40 


5 NUMERICAL ANALYSIS 


5.1 Analysis methodology 


Based on the interpreted geology, beddings and rock mass discontinuities were introduced 
into the FEM model by interface elements at specific locations. 

The cavern excavation sequence was modelled in eight stages as shown in Figure 4. 

At the first stage, canopy tubes 15m long, with a 5° upward inclination are installed, cover- 
ing a 120° extent on top of the headings. Each set of canopy tubes was overlapped in 3m. The 
cavern was then excavated in stages, including three top headings, two bench headings and an 
invert heading. The advance length of the excavation was assumed to be typically 3.0m, while 
the longitudinal separation between staged faces was 24.0m. In areas with close proximity to 
heritage buildings and underground utilities like Tank Stream, a double staggered layer of 
canopy tubes was considered. PLAXIS 3D built-in function “Tunnel Designer” has been used 
to model the cavern excavation work, including excavation method, tunnel alignment, the 
number of stages and sequences of the excavation and support system. 

Canopy tubes were modelled as embedded beam elements - circular beams in PLAXIS. An 
equivalent stiffness value considering the backfilled grout together with the steel case was applied 
in the model. The first advance length of excavation was supported by canopy tubes without shot- 
crete lining. Shotcrete with elastic properties was modelled in the headings and first bench with 
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Figure 4. Cavern cross-section, including the temporary support system, and the excavation staging. 


the thickness of 300mm and 100mm respectively, considering a progressive gain in strength, as 
explained earlier. A crack ratio of 0.67 has been applied to the final strength of the shotcrete to 
consider the effects of the shrinkage crack as well as convergence-induced cracks. Figure 5 shows 
the progression of the excavation and application of the temporary support system. 


Figure 5. Cavern excavation and application of the temporary support system. 


Figure 6 Shows snapshots from the created model in PLAXIS 3D. 


Figure 6. Snapshots of the numerical model created in PLAXIS 3D. 


The building basements have been modelled using the Rigid Body feature in PLAXIS. The 
related buildings were modelled as surcharges according to the number of stories in the build- 
ing. Other underground utilities have been modelled using the Tunnel Designer feature of 
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PLAXIS. Utilities were modelled following the available historical drawings. Figure 7 shows 
the final 3D model including the cavern and the station adits, and the nearby building base- 
ments and underground utilities. 


Figure 7. Created model in PLAXIS 3D covering the basement buildings and underground utilities. 


5.2 Fem results 


Figure 8 shows PLAXIS snapshots of the ground deformation contours at different stages of 
the excavation for the base case analysis. 


Ground deformation- Second bench excavation Ground deformation- Invert excavation 


Figure 8. PLAXIS 3D outputs- Induced ground deformations at different stages of the work. 


Results of the analysis were evaluated in terms of the stability of the excavations and the poten- 
tial impact of deformations at the level of existing adjacent infrastructure. Sensitivity analyses 
have been carried out to validate the impact of different parameters on the tunnelling works. 
Excavation advance lengths of 3m and 1.5m have been examined to understand the relationship 
to the induced settlement. The shotcrete has been modelled considering the crack ratio on its final 
strength. Results are compared with the model that has the full-strength shotcrete in the 4" cut. 

Maximum cavern crown deformation at the end of the tunnelling work was assessed to be in 
the order of magnitude of 25 mm for the base case analysis. Considering the height and width of 
the cavern (29.4m and 20.7m, respectively) and adjacent infrastructure, the level of settlements 
and associated horizontal strains are considered in line with the tunnelling experience in Sydney 
and within the acceptable range. The additional deformation of the cavern due to the adits exca- 
vation is less than 1.5mm which amounts to only ~5% of the total value. Applying the crack ratio 
to the final strength of the shotcrete causes the cavern deformation to be around 4% more than 
the case with the full-strength shotcrete. The impact of the advance length on the total cavern 
deformation is less than 2% of the total value, keeping the overall deformation levels at the same 
order of magnitude (see Figure 9). The ground surface settlement at the end of the cavern con- 
struction is 20mm, while it reaches 22.5mm at the end of the adits construction (Figure 9). 
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— Cavern Crown Deformation (Advance length: 3m- Crack Ratio applied) 

— Cavern Crown Deformation (Advence length: 1.5m- Full Strength Shotcrete) 

— Cavern Crown Deformation (Advance length: 3m- Full Strength Shotcrete) 
Ground Surface Settlement (Advance length: Im- Creck Ratio applied) 
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Figure 9. Cavern crown deformation and the maximum ground surface settlement. 


Another relevant verification comprised the assessment of stresses in rock pillars generated 
by the excavation of both the cavern and adits. The analysis showed that the maximum 
normal stress at the adits’ pillar location is 5.5 MPa, while the average stress shown by the 
model in rock pillars is around 2 MPa (Refer to Figure 10). The Hawkesbury Sandstone (III 
to I) Unconfined Compressive Rock Strength (UCS) ranges from 7 MPa to 24 MPa. Due to 
the slenderness of some pillars, the presence of unidentified geological features at those pillars 
could make required the installation of rock bolt stitching and or even full pillar replacement 
by concrete during construction. 


Figure 10. Stress concentration at the adits pillars. 
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Figure 11. Building basement strains due to the tunnelling work. 
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Induced building basement strain and settlement were considered to measure potential 
impacts on adjacent infrastructure. The findings are presented in Figures 11 and 12, respect- 
ively. The buildings’ basement strains due to the tunnelling work are in the range of 50 to 350 
microstrain, while the basement, which is completely aligned on the cavern axis, strain reaches 
540 microstrain. Basement settlements show a value ranging from 6mm to 12mm, with 
around a 1% increase due to the adits excavation. Checks showed that these results were 
within an acceptable range for the verified structures. 
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Figure 12. Building basement settlement due to the tunnelling work. 


6 SUMMARY AND CONCLUSION 


Studying the impact of tunnelling works on the ground surface and nearby structures can be better 
captured and understood by using 3D numerical modelling. In this paper, we have discussed 
a PLAXIS 3D modelling carried out at the Concept Design stage for the verification of the feasi- 
bility of a large-span shallow mined cavern to be built in a densely built-up area for Sydney Metro. 
Results show that the cavern deformation after all underground works are carried out is around 
1% of the equivalent diameter of the cavern (ground loss) not being significantly affected by vari- 
ations in the assumed shotcrete lining properties and advance lengths. Despite the large span of 
the cavern and the shallow rock cover, ground surface settlement is in the order of ~25mm, with 
deformation slopes in the order of less than 1/3000 for the nearby buildings. The values were con- 
sidered acceptable both in terms of the stability of the excavations and the potential impact on 
adjacent infrastructure. The concentration of the stress due to the tunnelling works on the rock 
pillars was also assessed to be within acceptable levels based on the anticipated rock strength and 
the temporary support system. Provisional additional support measures and/or pillar replacement 
are considered in case of the presence of unanticipated geological features crossing the pillar. 

In summary, any risks and potential impacts identified during the Concept Design are docu- 
mented and transferred to the future delivery partner for inclusion in the successive design stages. 
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ABSTRACT: The design and construction of railway tunnels in the Himalayan geology is 
always a challenging task as the cross-sections of the tunnels are larger, have long lengths, 
high overburden, and complex geology along the tunnel alignment. The design complexities 
increased manifold during the planning and design of tunnels as the track center between two 
tracks of a double-track railway tunnel needed to be increased from 5.9m to 25m in tunnel no 
8 of the Rishikesh — Karanprayag railway line leading to a huge width clearance requirement. 
This paper illustrates the various options explored to finalize the tunnel layouts, cross-section 
requirements, and the design philosophy of temporary support systems adopted for the final- 
ized layouts considering the three major objectives of high safety, less cost, and less excavation 
time. Due to the 3-dimensional nature of the problem, the study was made using 3D as well as 
2D numerical approaches to understand the ground behavior and the support adequacy of the 
recommended design support system in line with the construction sequence. 


1 INTRODUCTION 


Tunnel 8 (Twin tunnel of lengths 14.61 km each) of Rishikesh-Karanprayag railway line is 
planned to be constructed by part NATM method on both sides of the portals and by part 
TBM in the middle part of the tunnels (10.5 Kms long each). Tunnels shall connect Devprayag 
and Janasu stations on the two ends of the tunnels. Tunnels accommodate the part of Dev- 
prayag and Janasu yard which leads to functional requirement of bigger cross sections of dif- 
ferent sizes along the NATM tunnel part. 

On Devprayag side, the upline tunnel has been sized to accommodate two tracks along with two 
platforms for first 110m of the tunnel length resulting in a 22m wide section at tunnel axis level. 
Thereafter, the tunnel cross section of the upline tunnel reduces to accommodate two tracks at c/c 
spacing of 5.9m for a length of 380m approx. resulting in a 17m wide section at tunnel axis level. 
Beyond this length, the functional requirements of the railways lead to increase in the track spacing 
from 5.9m to 12.5m c/c for the double track tunnel which means the width of the tunnel needed to 
be increased significantly to accommodate track requirements for an approx. length of 57m. 

Due to huge requirements of tunnel sizes at such locations, various options were explored to 
finalize the tunnel sizing so as to have a robust design as well as to have a most suitable construc- 
tion sequence. The concerned section of the tunneling also becomes part of the critical path of the 
project construction and hence, it was important to plan and finalize the designs judiciously. 

The finalized tunnel geometry and construction sequence were then analyzed using two 
dimensional as well as three-dimensional numerical approach to arrive at the required support 
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systems. The design was performed using NATM philosophy recommending a flexible pri- 


mary support system. 


Figure 1. Railway alignment at the crossover. 


The details on options available, finalized construction methodology and design consider- 
ations are discussed in subsequent chapters. 


2 GEOLOGY 


The project location is in Pauri Garhwal district in the state of Uttarakhand, India. The top- 
ography of the area is hilly, and the general slope is from North to South. 

The project area is in Garhwal region. The Garhwal region of Western Himalaya, lying between 
the Kali River in the east and Sutlej in the west, includes a 320 km stretch of mountainous terrain. 
The Lesser Himalaya includes a thrust - bound sector delineated by two tectonic plates - the Main 
Boundary Thrust (MBT) to the south and the Main Central Thrust (MCT) to the north. 

There are two elongate tectonic belts of sedimentary/metasedimentary rocks separated by 
an ESE - WNW trending Almora - Dudhatoli Crystalline zone. The Outer Sedimentary Belt 
to the south of the crystalline mass is the Krol Belt while the Inner Sedimentary Belt to the 
north constitutes the Deoban — Tejam zone, or the Jaunsar -Berinag nappe. 

The project area is predominantly formed of Chandpur formation of Jaunsar group, localized 
alluvium, colluvium, terrace deposits and landslide material overlying the bedrock. The area is 
entirely belonging to low grade metamorphic rocks of Chandpur formation of Jaunsar Group. The 
rock mass is continuous sequence of light and dark grey phyllite with interbedded light grey and 
purple sandstone and siltstone. The quarzitic phyllite is also available along the tunnel alignment. 

Near the concerned area of alignment, as per detailed geotechnical investigations and geological 
mapping, rock class type of class III and IV (Poor to Fair) as per RMR (Beinwaski) with expected 
RMR values ranging from 30-50 were expected. The overburden of the rock mass at the crossover 
are in the order 80-120m. For the NATM design, methodology of rock mass behavior as per 
ONORM 2203 was being followed. As per ONORM 2203 and geological appreciation of the area, 
rock mass behavior of rolling type with mild squeezing (B3) was expected. Tunnels were proposed 
to be supported using Shotcrete, wire mesh, Lattice girders, Rock bolts etc. during primary lining. 


3 CONSTRUCTION METHODOLOGY 


3.1 Construction sequence 


It was very important to come up with a time optimized solution for the connection as TBMs were 
supposed to be transported through these tunnels to the launching point for further mining. Various 
options were considered for development of the crossover connection between the upline tunnel and 
downline tunnel giving due considerations to the railway requirements, time schedule, design safety 
and working space available for further TBM works. Options explored are detailed below: - 
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A) Design of a single huge cavern for complete crossover length based on the maximum track 


c/c spacing required as per railway alignment 

This solution demanded a cavern of approx. 24m wide opening with a height of 10m above 
the rail level. The size of the cavern demanded the deployment of multi-stage excavation 
with minimum 4 stages (2 in top heading and 2 in benching). This solution further compels 
to complete the complete cross section excavation before going for TBM preparedness 
works such as casting of cradle/ foundation beam, movement of TBMs etc. which creates 
a bottleneck in the overall time schedule of the project. Transitioning from a smaller cross 
section (17m wide) to a larger cross section (22m wide) was another challenge. Hence, 
based on the criticality of time schedule, this option was not considered further. 


B) Transitioning from the smaller cross section to the huge cavern 


This is a slightly modified option as compared to above. In this option, considerations were 
given to enlarge the tunnel cross section in a transition phase from 17m wide section to 
22m wide section following the required rail profile rather than building a huge cavern for 
57m length. The option reduced the excavation volume and also the length for which multi 
staged excavation was required. Although this option would have resulted in faster execu- 
tion as compared to option A, it would have still demanded the completion of complete 
works in these 57m length before going for any TBM preparation works. Secondary lining 
in a transitional cross section development would have been another challenge. 


C) Adopted solution 


In the adopted solution for this problem, it was decided to construct the Double track sec- 
tion (17m wide) for the mentioned 57m length also and the extra space needed for the track 
requirements were constructed using localized excavation as niches on one side later on. 
Two sizes of niches namely niche 1 and niche 2 were finalized based on geometrical require- 
ments. General layout of the scheme is shown below: 


Figure 2. 3D model exhibiting the adopted solution. 


Proposed construction sequence was as follows: - 


Top heading excavation and support of Double track section 

Bench excavation and support of double track section 

Niche 1 excavation and support 

Niche 2 excavation and support 

Finally, the section shall be flushed with two tunnels separating their way. 


The major benefit of this option was that after completion of Double track section (Head- 


ing and benching), left side of the cross section was completely free for preparation of upline 
TBM works as well as further NATM works. It was possible to bring the upline TBM to 
launching position at the same time as niche excavation works can continue in parallel on 
other side. Moreover, the option results in the minimum excavation volume and support 
quantities. However, the solution resulted in atypical shapes as compared to preferred shapes 
in NATM tunneling. The typical cross section and excavation profile of Double track section, 
niche 1 section and niche 2 section are shown in Figure 3. 


Due to the complex nature of the resultant cross section geometry, the design was per- 


formed modelling the actual excavation sequence using Plaxis 2D as well as Plaxis 3D. Design 


454 


was verified using the results of both analyses. Being the most critical section among all 3, 
results of only Niche 2 models have been presented. 


3.2 Plaxis 2D analysis 


A 2D Plane strain transversal model was prepared based on convergence confinement ana- 
lysis. This method relies on three components: the ground reaction curve, the longitudinal dis- 
placement profile, and the support characteristic curve. 


Figure 3. Adopted excavation profile and construction sequence. 


To generate ground reaction curve and verify the support system, Carranza Torres approach 
was followed. The following assumption were considered in 2D numerical modelling: 


¢ The geometry of the tunnel is modified horseshoe shaped, but since the Rocsupport assume 
a circular tunnel, an equivalent cross-sectional area has been considered. 

¢ The relaxation of the tunnel determined by Rocsupport is equal to the deconfinement ratio 
used in Plaxis. 

¢ The primary tunnel lining is modelled as elastic beam element in 2D plane strain; The equiva- 
lent properties of the reinforced beams element are evaluated using Kersten lecture (2008). 


It has been considered that the Main tunnel shall be excavated first as per the proposed con- 
struction sequence followed by niche excavation. The modelling stages are exhibited below. 


e Stage 1: In situ Stress Condition. 

° Stage 2: Calibration of main tunnel heading with calculated deconfinement ratio 

e Stage 3: Installation of Primary support in Main Tunnel Heading. 

° Stage 4: Excavate and Relaxation of the Main Tunnel benching with calculated deconfine- 
ment ratio 

e Stage 5: Installation of primary support at Main tunnel benching. 

e Stage 6: Excavate and relaxation of the side Niche with calculated deconfinement ratio with 
simultaneous removal of temporary side wall 

¢ Stage 7: Installation of primary support at the side Niche 


3.3 Plaxis 3D analysis 


A model with similar geotechnical parameter and overburden depth was developed in Plaxis 3D. 
The boundaries were considered 3 times the diameters in Z plane direction as it was found out that 
after lot of trial that at 2D (D is diameter of tunnel) to 3D distance the difference in the forces 
comes out to be negligible. The boundaries were fixed in X, Z and -Y direction and free in +Y 
direction. The simulation of exact construction sequence to be performed at site was ensured while 
generating the model to capture the most comprehensive forces and required support system. 

The modelling stages are exhibited in below table. All representation are as follows: 


e Stagel to Stage 21: Excavation of one round length of Heading for the main tunnel and 
Installation of support at the second stage of excavation. Stages shall be repeated till the 
heading excavation is completed and support installed. 
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° Stage 4 to Stage 23: Excavation of one round length of benching for the main tunnel and 
Installation of support at the second stage of excavation. Stages shall be repeated till the 
benching excavation is completed and support installed. 

e Stage 23 to Stage 44: Removal of lining for the excavation of side niche followed by excava- 
tion of lining at the second stage and installation of support for the niche tunnel. Stages 
shall be repeated till the niche’s excavation is completed and support installed. 


4 DISCUSSION AND RESULT 


The results of both the analysis were compared and independent support verification was per- 
formed using those results. As per results, clear benefits of sequential excavation method were 
captured wherein the change in stress paths due to smaller size openings influenced the overall 
behavior of tunnel lining. Rock mass near the junction of niche and top heading was found 
subjected to tensile stresses and susceptible to tensile failure. 


Figure 4. Reorientation of principal stresses around the excavation boundary. 


Support system of Fiber shotcrete encasing lattice girders and wire mesh at every 1.5 c/c along 
with 6m self-drilling fully grouted rock bolts was decided and applied. In addition, pre-support 
measures in terms of spiles as light fore poling were installed in both the top heading and niche 
areas to control any over breaks and tensile failures that may happen in such fragile geology. The 
analysis results and their comparison in two simulations have been presented below: 


4.1 Deformation and plastic zones 


The total displacement in case of 2D model is 64mm and in case of 3D model after complete 
excavation is 54mm. It was observed that the maximum displacement was observed at the 
intersection of main tunnel and niche tunnel in both the cases which is as per expectation. Net 
ground displacement observed in both the scenarios were found quite similar. Plastic Points 
were limited to 6-7m depth from the tunnel boundary in both the cases. 


| {etal Guplacements | (scaled ap 200 teman) 
Mr i = BLA omen 305 Ae 8887) 


Figure 5. Total ground displacement as per 2D (max 62mm) and 3D analysis (max 55mm). 
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4.2 Lining internal forces 


For the support verification, internal forces in the shotcrete lining in the form of the axial force and 
moment generated in critical sections for 2D and 3D model were compared and are shown below: 


Po 


Envelope of Axial forces N (scaled up 5.00*10-3 times) Envelope of Bending moments M (scaled up 0.0500 times) 
Maximum value = 297.3 kN/m (Element 63 st Node 8259) Maximum value = 73.29 KN m/m (Element 8 at Node 9579) 
Minimum value = -3538 kN/m Minimum value = -266.4 KN m/m 


Figure 6. Total axial force and bending moment on the tunnel lining in 2D case. 


Comparing the internal forces observed in the lining, it was observed that while axial forces in 
Plaxis 2D were found relatively less as compared to Plaxis 3D, the bending moments in the 
Plaxis 2D were found greater. This can be mainly due to loss of arching, improper stress distri- 
bution among the structural member etc in Plaxis 2D wherein hooping of the ground stresses in 
the tunnel lining was limited to a certain extent. Better meshing in plaxis 3D especially around 
the corners and junction points could also be another reason. Overall pattern of the internal 
forces distribution is though similar in both the analysis. Structural lining design of the primary 
lining was performed and verified using results from both the analysis independently. 


RASA 


Envelope of Axial forces N, (scaled up 2.00*10” times) Envelope of Bending moments M,, (scaled up 0.0500 times) 
Maximum value = 372.5 kN/m Maximum value = 57.02 KN mim 


Minimum value = -4400 kN/m Minimum value = -65.61 KN m/m 
Figure 7. Total axial force and bending moments on the tunnel lining in 3D case. 


5 CONSTRUCTION EXPERIENCE AND GLOSSARY 


Tunnels have been constructed successfully at site with key learnings. Deformations and conver- 
gences were continuously monitored using optical targets during the course of excavations. Settle- 
ment patterns of optical targets near the junction of niche and main cross sections are shown below: 

During the excavation of niche 1, settlement patterns exhibited an increasing trend in settle- 
ments. Although the rate of increase was not alarming, it was prudent to investigate the 
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Figure 8. Representative settlement profile in Niche 1 section. 
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Figure 9. Representative settlement profile in Niche 2 section. 


Figure 11. Final executed profiles for Niche 2 section. 
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reasons and implement mitigation measures so as to establish the equilibrium. After several 
discussions among the contractor and the Engineer, it was envisaged that the connection 
point itself is weak and started to show settlements due to blasting activities near the con- 
cerned site as the optical targets situated at the walls didn’t show any increase in settlement 
trend and hence, it was decided to increase the support pressure near the junction by installing 
a runner beam throughout the length of niche 1 coated by 150mm of shotcrete. 

Settlement trends of niche 2 excavation didn’t exhibit any alarming trends and were found 
very much within limits as compared to the predicted values. 


6 CONCLUSION 


Crossover arrangement in tunnel 8 of Rishikesh-Karanprayag line demanded a stable design 
and excavation sequence for the tunnels giving due consideration to time and cost as the cross- 
over was on the critical path of the project. The finalized solution resulted in atypical shapes of 
tunnel cross sections which doesn’t follow the general tunnel shapes criterion. Hence, it became 
prudent to analyze and verify the design in three-dimensional FEM softwares in addition to 2D 
analysis. The design was performed, and the results were compared using both approaches and 
final recommendations were decided accordingly. Rock mass parameters and behavior were 
continuously monitored during the tunnel excavation before reaching the crossover points so as 
to have more confidence on the ground parameters considered. Author would like to conclude 
that the adoption of such shapes or sequence must be done with utmost caution and should be 
verified with 3-dimensional softwares also. Designer should have high confidence in the adopted 
geotechnical parameters and should run sensitivity analysis if possible. 
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ABSTRACT: An improved method of analysis based on bi-axial compressive membrane action 
has been developed to assess the peak load and stiffness of flat unbonded Fibre Reinforced Shot- 
crete (FRS) linings. The predictions of this method are verified against full scale tests conducted 
on macro-synthetic FRS linings in an underground coal mine. The method of analysis is then used 
to perform a series of parametric analyses to determine the relative influence of lining thickness, 
bolt span, radial stiffness, compressive strength of the concrete, and residual tensile strength of the 
FRS, on peak load and stiffness. The results indicate that thickness and radial stiffness appear to 
dominate the load resistance of flat unbonded linings acting in bending, largely due to compressive 
dome action between the point of loading and the perimeter. Compressive strength of the concrete 
has a more pronounced influence on peak load resistance than the tensile strength of the FRS. 


1 INTRODUCTION 


Fibre-reinforced shotcrete (FRS) linings have become established as an adaptable and effect- 
ive means of stabilising ground in many underground environments. However, structural 
design of fibre-reinforced shotcrete linings remains simplistic, especially in relation to estima- 
tion of post-crack load resistance. The majority of commonly used analytical models remain 
either elastic or are based on semi-empirical yield line analysis with no account taken of load 
enhancement through arching effects (eg. Barrett and McCreath, 1995). Similarly, the major- 
ity of finite element analyses (FEA) remain elastic and fail to account for geometric and 
material non-linearities. The result is that most methods of analysis are only truly applicable 
to estimation of the load to cause first crack of an FRS lining. 

The enhancement in load resistance possible through Compressive Membrane Action (CMA) 
was recently investigated by Reid and Bernard (2020). In their first analysis, the effect of in- 
plane compression in the radial direction was incorporated into an axi-symmetric model of load 
resistance based on yield line theory with increased bending resistance derived from in-plane 
compression. In their second analysis (Reid and Bernard, 2023), the benefits of bi-axial in-plane 
compression were incorporated into a model that more accurately estimated the pre-peak 
behaviour compared to the earlier radial compression model. The bi-axial in-plane stress model 
developed by Reid and Bernard (2023) has been used in the present paper to assess how 
a number of lining parameters influence the peak load resistance and stiffness of contiguous flat 
unbonded FRS lining restrained between four orthogonal bolts (Figure 1). A thorough review 
of published literature in respect of compressive membrane action in structures such as tunnel 
linings and suspended slabs is included in the paper by Reid and Bernard (2023). 
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The load resistance W estimated for a restrained unbonded FRS lining includes two compo- 
nents: a component arising from the bending resistance along the yield lines, W,, and 
a component arising from dome-arching, W4, namely: 


W = Wy + Wa (1) 


The load resisted by yield-line rotation, W,,, is evaluated using the method of yield line ana- 
lysis using moments that are enhanced by CMA, whilst the load resisted by dome-arching, Wa, 
is evaluated in regard to the radial and tangential stresses developed in an axi-symmetric 
restrained fan-like folding plate mechanism. The derivation of the analysis method is described 
in detailed by Reid and Bernard (2023), only a few pertinent points are reproduced below. 
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Figure 1. Circular fan yield line mechanism in an overhead lining between four rock bolts. 


2 COMPRESSIVE MEMBRANE ACTION 


For a fan mechanism (Figure 1), compressive membrane forces develop as the fan segments 
rotate about circumferential axes of rotation at the restrained circumference of the fan causing 
the fan segments to be pushed towards the centre of the fan and against each other. The tan- 
gential forces f; acting along the radial yield lines, and the associated radial forces f, acting 
through the contact zones along the circumferential yield line, are modelled as tangential 
membrane forces with a triangular distribution as shown in Figure 2. These distributed forces 
can be summed as a total radial force Fr, and total tangential force F;. 


Figure 2. Fan segment showing a triangular distribution of tangential forces f,(r) together with uni- 
formly distributed radial forces fg at the restrained circumference. 
2.1 Restraint at the perimeter 


At the circumferential yield line, the distributed radial force fp produces an elastic displace- 
ment ôe peri Of the perimeter support, dependent on the effective radial stiffness Kp of the sur- 
rounding concrete lining: 
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Õe peri = fr/KR (2) 


where the radial stiffness Kp of the surrounding concrete lining is taken to be 
Kpr = axE.D/R(MPa) (3) 


in which ax is a confinement efficiency factor such that if ag =1 then Kp matches an idealised 
maximum stiffness of the surrounding lining. E, is the elastic modulus of the shotcrete, D is 
the thickness of the lining, and R the radius of the failure zone. The radial stiffness Kp is an 
important structural parameter included in the parametric analyses described below. 


2.2 Load resistance due to dome-arching 


For a fan with a circumferential radial force fr and central displacement A, the external load Wg 
that is resisted by dome-arching can be determined with regard to equilibrium of the external 
(applied) and internal (membrane) forces acting upon a narrow axi-symmetric fan segment. 

For a uniformly distributed loading over a central patch of radius R, (Figure 3), the uniformly 
distributed load Wg on the central patch is related to the edge force fp through dome-arching as 
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Figure 3. Axi-symmetric patch load case with relevant geometric parameters. 


2R 
Wa = 2ncadfr/ (1 - +z) (4) 
in which 
cad = d — A/3 (5) 
which is the effective depth separating the opposing radial forces along the radial yield lines 
(see Reid and Bernard, 2023). The term d is the effective lining thickness for dome-arching. 
The corresponding uniform loading pressure p is 
Wa 
RLA 6 
PR (6) 
3 YIELD LINE MECHANISM 


For a lining with uniform isotropic flexural strength, and a central point load P, the load 
resisted by rotation of the yield-lines in a circular fan yield-line mechanism (Figure 1) is 


Py = 2a (m+m’) (7) 
where m and m’ are the yield moments (per unit length) along the sagging (radial) and hogging 
(circumferential) yield lines, respectively. 

More generally, for axisymmetric distributed loads, the load W resisted by rotation of the 


yield-lines in the circular fan yield-line mechanism is 
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Wy =— (m+m') (8) 
C2 
with 
2R, 
a 9 
= 3R (a) 


where c> characterises the position of the centroid of the load acting on a fan segment for 
a uniform patch load of radius R,. 

Membrane compression enhances the bending resistance of the lining, so the yield 
moments m and m' depend on the magnitude of the compressive membrane force acting along 
the yield-lines. The membrane compression can vary along a yield-line and can differ between 
yield-lines, and therefore m and m' are not necessarily equal, uniform or isotropic. For 
a triangular distribution of tangential membrane forces f(r) the average enhanced moment 
along each radial yield-line is found as: 


mM = My + Sm — My) (10) 


where M,„o is the moment resistance in pure bending. Full details can be found in Reid and 
Bernard (2023). 


3.1 Analysis results 


Analysis was conducted in two stages: the analytical predictions were first verified against full 
scale test results, and then a series of parametric studies were performed to assess the influence 
of selected geometric and material factors on peak load resistance and stiffness. 

For the purpose of verification, a spreadsheet-based analysis incorporating the method by 
Reid and Bernard (2023) has been used to model the load-displacement responses reported for 
three full-scale load tests of flat FRS linings conducted in the Broadmeadow Coal Mine 
(BRM) in Queensland, Australia (Forrest, 2019). These tests were conducted in an unlined 
portion of a 3.6 m high rectangular cross-passage in which test zones were prepared and 
secured with orthogonal rock bolts such that the maximum possible radius of failure was 
R= 1000 mm. Load was applied using an inflatable water-filled bag (450 mm square) installed 
in 20 mm deep depressions behind the lining centred between orthogonal rock-bolts. Square 
cover plates were installed over the ends of the confining bolts and shotcrete. Three nominally 
identical test sections were sprayed with 40 MPa FRS reinforced with 6 kg/m? of BarChip 
BC54 fibers, with a target lining thickness of 75 mm, extending about 1500 mm beyond the 4 
orthogonal bolts in the vertical direction and 10 m in the horizontal direction. 
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Figure 4. Comparison between coal mine results and CMA analysis for three test zones with 1000 mm 
failure radius. The Zone 3 test suffered an abrupt shear failure at about 34 mm displacement. 
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For the BRM tests, the target lining thickness was 75 mm, but the average actual thicknesses 
D (measured after each test) were 70.3 mm, 76.2 mm and 75.6 mm for test zones 1 to 3, respect- 
ively (see Table 1). For the first two tests, the fan radius R was observed to be 1000 mm, but 
R was observed to be 950 mm in the third test. The in-situ concrete strength f, was 44 MPa 
(based on cores), the estimated concrete modulus of elasticity Æ. was 29,130 MPa (about 5% 
lower than for conventionally cast concrete), and the estimated Poisson’s ratio v was 0.2. The 
load was taken to be uniformly distributed over a patch radius R, of 200 mm. The effective 
concrete shrinkage strain ¢,, was zero for test zones | and 3, but 10 microstrain for test 2 due to 
the presence of a small shrinkage crack in the test area. The effective post-crack tensile stress f; 
was 1.1 MPa (back calculated from ASTM C1550 panel tests, Bernard 2020), and the confine- 
ment efficiency factor ax was taken to be 0.2. The mean ratio of peak load for test/model was 
1.02, which indicates quite good modelling on average for the peak load estimate, but the deflec- 
tion corresponding to the peak load was about 20% less than measured in the tests. 


Table 1. Comparison of peak loads obtained from in situ BRM tests and the CMA model. 


Test Zone D It R Peak Load (kN) 
(mm) (MPa) (mm) Test Data Model Test/Model 
1 70.3 1.1 1000 149.6 157.8 0.948 
2 76.2 1.1 1000 220.1 198.3 1.110 
3 75.6 1.1 950 210.3 207.0 1.016 


Although the modelling produced good estimates of the peak load (Figure 4) it proved to 
under-estimate load resistance immediately after cracking of the lining. This possibly occurred 
because the model can presently only incorporate one estimate of the post-crack direct tensile 
strength of the concrete, f, throughout the loading envelope while, in reality, the tensile strength 
varies with crack width. Note that similar results were obtained when the method by Reid and 
Bernard (2023) was verified against full scale tests on a steel FRS lining (Bernard et al, 2022). 
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Figure 5. Parametric study showing effect of lining thickness on load resistance. For all curves, fe = 40 
MPa, f, = 1.5 MPa, radial stiffness is 500 MPa, bolt spacing is 1500 mm. 


Next, a series of parametric studies were conducted in which load-central deflection curves 
were calculated for a contiguous flat unbonded FRS lining restrained by four orthogonal 
bolts and subject to a 150 mm radius central uniform patch load. The punching shear resist- 
ance was also calculated (using the method by Bernard, 2011) and compared to the flexural 
response to determine the governing mode of failure. In general, shear governed for the 
thicker and more restrained linings, while flexure governed for the more slender and less 
restrained linings. The data in Figure 5 shows that lining thickness has a significant effect on 
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both the magnitude of the peak load resistance and stiffness in the ascending part of the load- 
deflection curve. Linings thicker than 90 mm have not been included as they tend to fail in 
shear rather than bending. In contrast, the span between bolts (and radius of the failure zone, 
see Figure 1) has a relatively minor influence on these performance parameters for the range 
of bolt spans commonly used (Figure 6). 
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Figure 6. Effect of bolt spacing on load resistance. For all curves, f, = 40 MPa, f; = 1.5 MPa, radial 
stiffness is 500 MPa, lining thickness is 75 mm. 


The data in Figure 7 indicates that radial stiffness Kr at the perimeter of the circum- 
ferential failure zone has a very significant effect on both the magnitude of the peak 
load resistance and stiffness in the ascending part of the load-deflection curve. Among 
all the parameters investigated, radial stiffness has the greatest influence on the initial 
stiffness of the load-deflection response. Since numerous factors contribute to radial 
stiffness, including creep and shrinkage of the concrete in compression, bond to the 
underlying rock, and geometry of the lining, the influence of this factor needs to be 
investigated in greater detail in future. Compressive strength also has a substantial influ- 
ence on the peak load resistance, but less of an effect on the stiffness of the load- 
deflection response (Figure 8). 
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Figure 7. Effect of radial stiffness (quantified as ax, with corresponding Kp expressed in MPa) on load 


resistance. For all curves, f, = 40 MPa, f, = 1.5 MPa, bolt span is 1500 mm, lining thickness is 75 mm. 


Finally, the data in Figure 9 shows that the post-crack direct tensile strength of the FRS 
has a relatively minor influence on the peak load resistance, and no effect on the stiffness 
of the load-deflection response. The lowest post-crack tensile strength was taken to be 
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Figure 8. Effect of compressive strength f, on load resistance. For all curves, f, = 1.5 MPa, bolt span is 
1500 mm, lining thickness is 75 mm, and radial stiffness is 500 MPa. None of the compressive strength 
curves were limited by punching shear resistance. 


0.01 MPa because the analysis could not reach convergence for zero residual strength. 
Given that f, = 1.5 MPa corresponds to about 4 MPa residual flexural strength in EN 
14651 and ASTM C1550, this indicates that inclusion of large amounts of fibre has 
a relatively minor influence on peak load. However, evidence from full-scale in-situ testing 
suggests that post-peak load resistance is enhanced by high residual flexural strength at 
large deformations (Forrest, 2019; Reid and Bernard, 2020; Bernard et al, 2022). Two sets 
of predictions for 4 and 8 kg/m? of BarChip BC48 macro-synthetic FRS have also been 
included in Figure 9 to provide a comparison with the level of performance possible in con- 
struction practice. For 40 MPa FRS, shear failure is likely to govern in this particular case, 
so it would be more efficient to increase the thickness or compressive strength rather than 
fibre dosage to enhance load resistance. 
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Figure 9. Effect of FRS direct tensile strength f, on load resistance. For all curves, f. = 40 MPa, bolt 
span is 1500 mm, lining thickness is 75 mm, and radial stiffness Kr is 500 MPa. 


The trends evident in Figures 4-9 can be explained by examination of Figure 10. This shows 
the relative contributions of bending resistance (enhanced by in-plane compression generated 
through CMA) and arching to the total load resistance for a typical FRS configuration. The 
magnitude of the components will vary as each lining parameter is changed. This graph also 
shows that the mean in-plane compressive stress is several MPa when the peak in load resist- 
ance is achieved. Given that this stress is concentrated in a small compression block at each 
hinge line, the large magnitude of this mean compressive stress indicates why the compressive 
strength of the shotcrete has such a significant influence on peak load resistance. 
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Figure 10. Load resistance components contributing to total load resistance for a lining of 75 mm thick- 
ness, 1600 mm bolt span, Kr = 370 MPa, f. = 40 MPa, and f, = 1.0 MPa. 


4 SUMMARY 


A series of parametric analyses were carried out using a new axi-symmetric model of compres- 
sive membrane action that accounts for bi-axial stress within a flat unbonded FRS lining. The 
analyses examined how peak load resistance and stiffness in response to load were affected by 
geometric and material characteristics of the lining. It was found that thickness and radial 
stiffness at the perimeter of the failure zone had a marked influence on peak load and stiffness, 
and that compressive strength of the concrete had a more significant influence on peak load 
than the tensile strength of the FRS. 

The new method of analysis demonstrates that efficient estimates of load resistance can be 
obtained with relatively simple spreadsheet-based analysis that incorporate compressive mem- 
brane action compared to traditional yield-line based methods. The method also demonstrates 
that post-crack deflection-hardening system behaviour can be developed in a restrained lining 
using relatively low dosage rates of fibre. 
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ABSTRACT: | Pre-cast concrete segmental linings have been increasingly used for the design 
and construction of long hydropower tunnels around the world as their advantages and suc- 
cesses over the past nearly 50 years have continued to be recognized in the industry as the 
most cost effective and low risk approach for safe future hydraulic operations without undue 
maintenance. Key advantages of the use of pre-cast concrete segmental linings include 
improved hydraulics, durability against abrasion, simple pre-design and construction imple- 
mentation without decision-making, high quality control of fabrication, rapid installation for 
overall high productivity and shorter construction durations, greater cost certainty, confident 
long-term stability for safe and uninterrupted future hydraulic operations for the full range of 
tunnel sizes generally varying from 3 m to 10 m and improved worker safety. The risks associ- 
ated with the use of pre-cast tunnel linings are limited as the design and construction practice 
has become a well-established approach. 


1 INTRODUCTION 


Pre-cast concrete segmental linings have been increasingly used for the design and construc- 
tion of long hydropower tunnels around the world in conjunction with tunnel excavation by 
tunnel boring machines (TBMs) since the 1970’s as their advantages and successes have con- 
tinued to be recognized in the hydropower industry as the most cost effective and low risk 
approach for safe future hydraulic operations without undue maintenance. 

Key advantages of the use of pre-cast concrete segmental linings include improved hydraul- 
ics, durability against abrasion, simple pre-design and construction implementation without 
decision-making, high quality control of fabrication, rapid installation for overall high prod- 
uctivity and shorter construction durations, greater cost certainty, confident long-term stabil- 
ity for safe and uninterrupted future hydraulic operations for the full range of tunnel sizes 
generally varying from 3 m to 10 m, and improved worker safety. The risks associated with 
their use are rather quite limited since the design and construction practice has become a well- 
established approach for the construction of tunnels for civil infrastructure. 


2 PRE-CAST CONCRETE TUNNEL LININGS 


2.1 Pre-cast linings components and ring geometry 


Pre-cast linings are used exclusively and concurrently with tunnel excavation by tunnel boring 
machines (TBMs) and comprise a series of curved prefabricated concrete segments that are 
installed as a circular shaped ring that includes a key segment as the final piece installed to 
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form the total ring. Pre-cast tunnel linings are installed sequentially whereby each individual 
segment is inserted radially into the excavated space of the tunnel (inside the TBM shield) by 
a vacuum lifting system to form or build the entire ring in place. 

For some types of pre-cast linings the segments are then subsequently connected to each 
other with interconnection dowels. The final stage of installation comprises the injection of 
grouting materials into the annulus between the tunnel lining and the excavated tunnel profile. 
The complete and quality filling of the annulus represents a critical aspect for the success of 
pre-cast linings to prevent groundwater or internal water flows behind the lining that can 
result in erosion and instability particularly when non-durable rock conditions exist. 

The pre-cast linings are made with prefabricated concrete segments that are formed in spe- 
cially dimensioned molds for the size of the tunnel and the concrete used typically comprises 
dense, impermeable, durable and a high early strength design mix with strict quality control. 
Pre-cast linings are designed based on multiple loading conditions comprising handling and 
transport, TBM thrusting/jacking, grouting, ground and groundwater conditions, and bursting 
and distortion that ultimately defines for a final design thickness for fabrication and installation 
and multiple design standards and codes have been compiled for the design of pre-cast linings 
(ITA 2016/2018 and ACI, 2020). Pre-cast tunnel linings have typically included steel rebar 
reinforcement as a preformed cage as a fundamental requirement to meet the conditions of the 
design loadings. Recent practices, including for seismic regions, have now adopted the use of 
steel (or polypropylene) fibres as an alternative type of reinforcement that has advantages 
increased durability, lower corrosion, simpler manufacturing and lower costs (Hurt, 2017). 


2.2 Pre-cast lining types 


There exist multiple types of pre-cast linings that have been primarily named based on their 
respective segment geometry including: 


e Rectangular; 

°- Trapezoidal; 

e Rhomboidal; 

e Expanded, and; 

* Hexagonal (honeycomb). 


Rhomboidal and trapezoidal lining types appear to be the most adopted lining type at least for 
civil infrastructure whereas rectangular and expanded pre-cast lining types represented the early 
design approaches and are no longer extensively used (Harding and Hurt, 2019). Trapezoidal and 


Figure 1. Hexagonal pre-cast lining at Bheri Babai, Nepal. 
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hexagonal lining types appear to have been most widely used to date for hydropower tunnels due 
to their greater simplicity and lower associated costs. The hexagonal type of lining was first devel- 
oped in 1972 in conjunction with the introduction of the double shield TBM (Vigl, 2000). 
Figure | presents the hexagonal lining type that was installed for the 5 m diameter, 12 km Bheri 
Babai tunnel in Nepal. 

Some types of pre-cast linings include gaskets that are installed and fitted along each of the 
edges of the segments to limit and attempt to prevent leakage across the lining. The practice of 
using gaskets has been mainly for the use of pre-cast linings for tunnels for civil infrastructure 
however this practice is slowly being adopted and included for some hydropower tunnels as well. 

For anticipated highly variable geotechnical conditions pre-cast linings are sometimes 
designed with variable amounts of reinforcement as was developed for the Delivery Tunnel 
North component of the Lesotho Highlands Project in the early 1990’s as an alternative 
design to the original tender design (Richards et al. 1994). 


3 PRE-CAST LININGS FOR HYDROPOWER TUNNELS 


3.1 Early tunnel projects pre-2010 and today 


The first noted use of pre-cast linings for a hydropower tunnel was in 1972 for the 4.3 diam- 
eter, 4.1 km, Orichella tunnel in southern Italy where the tunnel contractor, SELI, needed 
a TBM solution that would protect workers in fractured granitic ground and provide a rapid 
rate of advance, while simultaneously lining the tunnel. This challenge inspired the advent of 
the double shield TBM by the Robbins Company which has gone on to be used in conjunction 
with pre-cast linings for many hydropower tunnels around the world. 

Based on a database of N=72 projects of nearly 925 km, a total of about 50% of projects 
(460 km) were constructed using pre-cast linings prior to 2010 but with a noted increase start- 
ing in 1992 as presented in the histogram of Figure 2 (Brox, 2021). 


3.2 Pre-cast lining thicknesses in use to date 


One of the key advantages of pre-cast linings is that appreciably thinner linings can be designed 
and constructed in comparison to concrete lining thicknesses for drill and blast excavated tun- 
nels. This advantage is due both the stability favoured circular geometry versus typical D-shaped 
as well as lack of excess excavation that is nearly totally eliminated with TBM excavation. For 
example for the 5.8 m internal diameter, 3.3 km, El Alto hydropower tunnel in Panama, a 50 cm 
cast-in-place was anticipated as part of the original design but was replaced with a 35 cm pre-cast 
lining for a major cost saving of 9% excavation costs and 46% concrete costs. 

Based on industry practice, the majority of tunnels with a diameter between 3.5 m and 
6 m have been designed and constructed with a lining thickness of 250 mm and that tunnels 
with a diameter between 6 m and 8 m have been designed and constructed with a lining thick- 
ness of 300 mm which are significantly less than typical concrete lining thicknesses. 

From the database of N=54 projects, 54% of hexagonal, 30% of trapezoidal, and 16% of 
rectangular types of pre-cast linings have been used for hydropower tunnels to date. 


3.3 Key aspects of pre-cast linings in use to date 


Pre-cast tunnel linings have been since the early 1970’s for more than 600 km of tunnels that 
were associated with variable and notable key aspects and key performance indicators (KPI) 
of some projects as presented below in Table 1. 

Upcoming new hydropower projects where pre-cast linings have been designed for construc- 
tion and/or are currently in construction include the following: 


e Majes II, Peru, 5.5 m, 16 km 
e Snowy 2.0, Australia — 11 m, 32 km 
e Vishnugad Pipakolti, India — 9.8 m, 12 km 
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Figure 2. Histogram of pre-cast linings for hydropower tunnels. 


Table 1. Aspects of hydropower projects with pre-cast linings. 


Aspect Project Key Performance Indicator 


Shortest El Alto, Panama 3.4 km 
Longest GKI, Austria 23 km 
Deepest Kinshanganga, India 1400 m 
Smallest Evinos, Greece 3.5m 

Largest Kargi, Turkey 10.0m 

Most Remote Kinshanganga, India N/A 

Best Progress Manubi, Ecuador 1605 m/month 


e Polihali, Lesotho — 5 m, 38 km 

e Sunkoshi Marin, Nepal — 5 m, 12 km 
e Dudhkoshi, Nepal — 8 m, 13 km 

e Jangi Thopan, India —9 m, 12 km 

e Nenskra, Georgia — 4 m, 37 km 


During the construction of the Alto Maipo project in Chile with over 70 kms of tunnels, 
pre-cast linings were adopted as a design change for 12 km of the tunnels under a new contract 
for completion of the project after recognizing the challenges of adverse and non-durable geol- 
ogy by the Contractor and agreed by the Client versus using open gripper TBMs with final 
shotcrete linings as per the original design. The above major projects of nearly 175 km of tun- 
nels further demonstrates the confidence in the use of pre-cast linings for safe long-term oper- 
ations for hydropower tunnels and the associated schedule and cost savings. 


3.4 Fabrication requirements 


The fabrication and production for the installation of pre-cast linings requires significant 
effort and working space due to the large volume of individual pre-cast segments that are 
required to form a lining ring. While it is preferable to be able to produce pre-cast linings 
close to the project site, it is recognized that this may not always be possible particularly for 
some hydropower projects, many of which are located in mountainous regions with steep con- 
fined valleys with limited property available. The space requirements for production vary sub- 
ject to the size of the actual segments which is in turn is a function of the tunnel size but in 
general an area of approximately 5000 m? is required for fabrication and an area of about 
25,000 m? is required for storage. The fabrication of pre-cast linings includes the preparation 
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of the reinforcement cages (for rebar option) and insertion into the molds, pouring of concrete 
into the molds, setting and stripping of the molds, and storage for curing. Most production 
facilities are set up as a carousel system to optimize and maximize overall production to meet 
the demands of the anticipated tunnel construction schedule. Figure 3 presents an example of 
the pre-cast tunnel lining facilities and outside storage area for curing at the GKI hydropower 
project. 


Figure 3. Pre-cast facility for Gki hydropower tunnel, Austria. 


3.5 Transport of pre-cast linings into tunnels 


The size of hydropower tunnels generally ranged from 3.5 m up to 10 m. The method of trans- 
port of pre-cast tunnel linings into a tunnel during construction generally depends on the size 
of the tunnel but also the preferred method in conjunction with the set up of the TBM that is 
excavating the tunnel and the associated logistics used for other aspects including mucking for 
practical reasons. For small tunnels less than 6 m where train locomotive and wagons are used 
for the removal of muck, the pre-cast segments are typically transported also by rail-based 
transport wagons. However, for larger tunnel sizes more than 6 m it is common to transport 
the much larger and thicker pre-cast segments by specialty made rubber-tired vehicles. 


3.6 Installation risks 


While the fabrication and installation of pre-cast linings for tunnels are now based on well- 
established procedures, there remain some risks for overall good quality installation including 
for overhead handling, the misalignment of the segment in relation to the other segments of 
the ring, and damage of segments due to the collision of a segment with others during the erec- 
tion and installation. Damages to pre-cast segments are typically of limited extent and can be 
repaired for small defects or replaced. 

The use of pre-cast linings for hydropower tunnels should not be assumed to be free of risks 
during construction that are associated with TBM tunnel excavation whereby adverse geotech- 
nical conditions can be encountered. Significant schedule delays have been experienced for such 
circumstances at the Tapovan project in India in 2009 whereby the TBM interested a geological 
fault under deep cover of 1100 m that resulted in the entrapment of the TBM for multiple 
years. Similarly, the TBM became entrapped at the Mtkvari project in Georgia in 2017 includ- 
ing collapses to surface for about 18 months before being liberated and able to complete the 
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headrace tunnel. A further noted challenge for the use of pre-cast linings is when very high 
external groundwater pressures are present from the prevailing bedrock such as was experienced 
during the construction of the 4.5 m diameter, 5 km Pando tunnel in Panama where the lahar 
bedrock was fully saturated and caused problems for advancing of the EPB TBM (Grandori, 
2013) and also for the 4.4 m diameter, 14 km Uma Oya tunnel in Sri Lanka that experienced 
extreme groundwater inflows through the pre-cast lining prior to annulus grouting. 


4 KEY ADVANTAGES OF PRE-CAST LININGS 


4.1 Simple design and implementation 


The design requirements for pre-cast linings are fairly straightforward and the majority of the 
design loadings are well-known with limited key assumptions for ground and groundwater condi- 
tions. A greatly under-appreciated advantage of pre-cast linings is their implementation during 
construction which, for most projects based on a single ring design, does not require any decision 
making by site staff related to the encountered geotechnical conditions. This risk is completely 
removed from the design and construction process to the benefit of the designer, contractor and 
client which is otherwise the greatest risk associated with traditionally supported hydropower 
tunnels based on partial shotcrete and/or concrete linings during construction, whereby 
a number of which have experienced recent collapses during early operations due to incorrect 
decision-making about the type and extent of the final linings during construction (Brox, 2019). 


4.2 Quality control of fabrication 


The fabrication of pre-cast linings requires fundamental quality control given the precision 
installation that is required for final installation. Quality control requirements as part of the 
fabrication of pre-cast linings includes the use of precision molds without distortion of the 
curvature, checking of the minimum concrete cover of the reinforcement, checking of the qual- 
ity of concrete through cube strength testing of the mix design, trimming of concrete within 
molds, and checking of the temperature and minimum time for curing. Figure 4 presents part 
of the process of quality control for the fabrication of pre-cast linings. 


4.3 Rapid installation and high tunnel progress 


Perhaps the most important advantage of pre-cast linings for hydropower tunnels is the very 
high rate of progress that can and has been achieved for various tunnel sizes. Table 2 presents 
a selection of the maximum monthly rates of rapid installation that was achieved on some 
past hydropower tunnels. The achieved rates of progress with pre-cast linings for most pro- 
jects are significantly higher than those for some long tunnels constructed using open gripper 
TBMs followed by final cast-in-place concrete or shotcrete linings as the approach of pre-cast 
linings represent a one-pass design and construction solution for earlier completion. 


44 Long-term stability against deterioration and collapses 


A further key advantage of pre-cast linings for hydropower tunnels comprises the long-term sta- 
bility of the tunnel for future safe operations and the limitation of abrasion (Madan, 2019) and 
the elimination of deterioration of non-durable geotechnical conditions and potentially associated 
collapses as has been experienced with other tunnels. As previously noted, the entire filling of the 
annulus between the pre-cast lining and the excavated tunnel profile is of critical importance to 
prevent possible erosion behind the lining that may lead to an instability and collapse. However, 
quality control procedures are well-established to be followed to confirm that total backfill grout- 
ing is completed to achieve this inherent requirement of a fully integrated lining system for safe 
long-term hydraulic operations 
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Figure 4. Fabrication of pre-cast linings and quality control. 


Table 2. Achieved progress rates for pre-cast linings. 


Project Size, m Length, km Progress Rate, m/month 
Manubi, Ecuador 4.9 15 1605 
La Joya, Costa Rica 6.2 7.9 820 
Palomina, Dom/Republic 4.4 16.5 1090 
Coca Codo, Ecuador 9 24 1080 
El Alto, Panama 5.8 3.3 810 
Xi Pian, Laos 5.7 11.8 1005 
Moglice, Albania 6.2 6.7 650 
Bheri Babai, Nepal 5 12 1000 
Mtkarvi, Georgia 5.8 9.3 910 


4.5 Possible elimination of environmental impacts 


The construction of hydropower tunnels in environmentally sensitive areas using gasketed pre- 
cast linings can significantly decrease and possibly eliminate some environment impacts. Pre-cast 
tunnel linings with gaskets can serve to prevent the lowering of the groundwater regime within 
the project area and along the tunnel corridor due to major groundwater inflows such as that 
occurred during the construction of 14 km tunnel of the Uma Oya project in Sri Lanka that 
resulted in significant settlement and associated damage to residential buildings on surface due to 
tunneling at depths of over 300 m with only partial pre-cast linings. 


5 SUCCESSES OF PRE-CAST LININGS FOR HYDROPOWER TUNNELS 


Pre-cast concrete segmental linings have been used for the design and construction of long 
hydropower tunnels around the world in conjunction with tunnel excavation by tunnel boring 
machines (TBMs) since the early 1970’s. This design and construction approach for hydro- 
power tunnels has been successful and recognized at several projects that have greatly bene- 
fitted from the schedule and cost savings. In particular, of the more than nearly 925 km of 
hydropower tunnels that have been designed and constructed with this approach, there has 
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been no reported serious concerns or problems that have impacted hydraulic operations at 
any of the projects. 

In 2016, after 13 years of operations, the 32 km Mohale tunnel of the Lesotho High- 
lands Water Project with a hexagonal pre-cast lining was manually inspected as part of 
a planned outage and it was initially suspected that voids had formed behind the lining 
however this was confirmed to be incorrect following the completion of a subsequent 
dewatered inspection in 2019 that included a ground penetrating radar survey of the 
entire tunnel (Molapo and Lees, 2018). The initial concern of voids was warranted based 
on the historical knowledge of the early deterioration of the basalt bedrock in the project 
area. The tunnel had not previously experienced any hydraulic concerns. This example is 
considered to serve to confirm the acceptability and success of the use of hexagonal pre- 
cast linings for hydropower tunnels. 

A further noted example is the 9 m diameter, 12 km tunnel at the Kargi project in Turkey 
that included 8 km of pre-cast lining and 4 km of drill and blast with shotcrete lining whereby 
problems occurred after less than one year of hydraulic operations with suspected collapses. 
Upon inspection of the entire tunnel a total of three significant collapses of more than 1000 
m3 were identified that were all associated with the drill and blast section. The 8 km pre-cast 
lining section was associated with limited problems of cracking of eleven (11) rings (~ 15 m) 
that were removed and replaced with traditional tunnel support and core drilling was per- 
formed and included minor additional annulus grouting of 18 rings (27 m). 


6 CONCLUSIONS 


Pre-cast concrete segmental linings have been increasingly used for the design and construc- 
tion of long hydropower tunnels around the world in conjunction with tunnel excavation by 
tunnel boring machines (TBMs) as their advantages and successes over the past 50 years have 
continued to be recognized in the industry as the most cost effective and low risk approach for 
safe future hydraulic operations without undue maintenance. Key advantages of the use of 
pre-cast concrete segmental linings include the following: 


¢ Improved hydraulics; 

e Durability against abrasion; 

e Simple pre-design and construction implementation without the inherent risk of decision- 
making for ground support; 

e High quality control of fabrication; 

e Rapid installation for overall high productivity and shorter construction durations; 

¢ Significant schedule and cost savings with greater cost certainty; 

e Confident long-term stability for safe and uninterrupted future hydraulic operations, and; 

¢ Improved worker safety with lining installation under protection of TBM shield. 


One of most important aspects to be achieved for the success of the use of pre-cast linings 
for hydropower tunnels is good quality control of the annulus grouting to prevent the forma- 
tion of voids behind the lining that may result in instability. While this paper has addressed 
the use pre-cast tunnel linings for hydropower tunnels and the successes it should be recog- 
nized that pre-cast tunnel linings have also been used for numerous other types of hydraulic 
tunnels including for potable and wastewater projects. 
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ABSTRACT: The Traditional Method of Madrid (TMM), also known as Belgian Method, 
is a method for tunnel construction. This method uses a unique excavation sequence in which 
the crown is divided into a series of pocket excavations which are successively supported using 
temporary works, and then quickly followed by the permanent lining construction. Due to the 
complexity of the multiple phases and structures involved, this type of tunnel needs a 3D Soil 
Structure Interaction (SSI) model to correctly capture all the elements and their contributions, 
however, a 3D model is not always possible due to project constraints, such as budget and 
deadlines. This paper aims, firstly, to enhance the current design approaches, via a new 2D 
approach based on a calibration with a 3D SSI model; secondly, to contribute for a more 
informed design when a 3D model is not available; and thirdly, to contribute to more sustain- 
able designs without compromising safety and quality. 


1 INTRODUCTION 


The Traditional Method of Madrid is a method for tunnel construction that has been used for 
tunnelling in the Madrid Metro network since 1917 (Melis Maynar 2012). The method uses 
a distinctive excavation sequence that comprises the division of the crown in a series of small 
excavations that are successively supported by a combination of timber struts, steel waler 
beams and timber planks during the excavation stage and directly followed by the permanent 
lining installation. The permanent lining is unreinforced casted concrete (typically C30/37); 
thus, no reinforcement is normally used. The construction of the walls and invert of the tunnel 
follow several metres behind, also in the same fashion as an unreinforced concrete permanent 
liner. 

The multiple phases and diverse structural elements have represented traditionally 
a challenge from the point of view of the stress-strain calculation of sections for design, since 
the remarkable three-dimensional effect of the excavation behaviour requires the development 
of three-dimensional SSI models, which may not be available for the project. 

In this scenario, it is usual to perform bidimensional approximations of the problem 
that allow the analysis time to be reduced. However, this approach requires a careful 
analysis of the hypothesis considered to obtain results that are sufficiently adjusted to 
reality in terms of ground movements and redistribution of stresses around the tunnel 
excavation. 

This article presents the methodology followed for the calibration of bidimensional 
models of tunnels undertaken by the TMM, via three-dimensional models. Furthermore, it 
discusses the assumptions and calculation strategies used to achieve an appropriate adjust- 
ment that permits the validation of 2D models, which can be used for early stages of 
a similar project. 


DOI: 10.1201/9781003348030-58 
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2 THE TRADITIONAL METHOD OF MADRID 


There are many examples of the application of this method in an urban environment. Experi- 
ence with tunnels built using this method in the soils of Madrid has demonstrated the safety 
of the works. The sequence of works follows a number of steps refined and improved over the 
years by the experience of Madrid’s miners and tunnel engineers, and by studding the lessons 
learned of past projects. 

Although this construction process requires specialised labour, it is a very versatile method, 
which allows a high degree of adaptation to the constraints of an urban environment. 

This methodology is based on the principle of carrying out small excavations (less than 
5 mô) as shown in Figure 1, which greatly limit the open excavation face, to guarantee its sta- 
bility during construction. The excavation begins with an advance gallery that is gradually 
shored and widened to form the crown of the tunnel, always with a temporary support for 
each widening stage. In this way, the open face for each excavation plane is reduced and, 
therefore, the stability conditions are more favourable. 

This advance gallery also acts as a pilot tunnel to identify any contingency or uncertainty 
about the state of the soil, thus allowing the adaptation of the construction procedure to 
respond to these singularities. The contingencies can include “toolbox” items such as reducing 
the round length or install timber planks at the open face. 


Figure 1. Work site of a tunnel excavated with 
the Traditional Method of Madrid. © Metro de Figure 2. Typical cross-section of a metro tunnel 
Madrid. constructed by the TMM. 


Depending on the dimensions of the tunnel section and the operating features of the con- 
struction equipment, the excavation can be divided into three general phases, called the top 
heading, bench and invert, in such a way that the bench is carried out after the top heading, 
with a certain amount of distance in between, and always acting on a single side of the tunnel 
walls, so as not to remove the support of the crown previously executed. 

Normally, advance lengths of between 1.25 and 2.5 m are used, depending on the terrain 
crossed, with shoring systematically installed, although there are exceptions linked to singular 
sections, either due to geotechnical conditions or to the need to adapt the construction meth- 
odology in sections with special needs, such as at junctions or areas where 2 galleries intersect. 

Immediately after crown’s excavation, the formworks are installed and unreinforced con- 
crete is casted, thus controlling the deformation of the ground, giving the concrete final liner 
the task of containing and limiting the deformation of the ground. 

The casting of the crown is carried out by pumping “in situ”. Subsequently, the excavation 
of the bench is carried out, followed by the casting of the unreinforced concrete of the side 
walls. The section is finally completed by casting the invert bottom slab. 
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Finally, a schematic of a typical construction sequence of a tunnel excavated using the 
Traditional Method of Madrid is shown in Figure 2 above. 


2.1 Traditional Method of Madrid construction sequence 


The typical construction sequence of the method is described in Figure 3 and explained below. 


1. Excavation and shoring of the pilot gallery. 


to 


Lateral widening and shoring of the top heading section. 


3. Formworks installation and casting of the crown. 


4. Bench excavation and casting of the side walls. 


5. Construction of invert or bottom slab. 


6. Contact injections. 


Figure 3. Construction sequence of the Traditional Method of Madrid. 


1 to 3 - Top heading: Instability phenomena, such as collapse of the tunnel face or collapse 
of the crown, are a conditioning factor in large tunnels excavated in soft ground, so that the 
effectiveness of the method requires exhaustive control of the progress of the excavations and 
the integrity of the lining executed. The use of temporary works as shoring, in which the exca- 
vated ground is supported by timber planks, which are supported on longitudinal steel waler 
beams and these are finally supported by sub-vertical timber struts. The division of the top 
heading into several excavation phases contributes to a better control of the stability of the 
tunnel. On the other hand, the excavation of a pilot tunnel of reduced dimensions provides 
value characterisation of the ground ahead, detecting the areas of poor geotechnical quality 
and any potential issue with stability. For the same reasons, this characterisation will enable 
the shoring system to be adapted accordingly. To cast the top heading, the steel walers are left 
in place and the subvertical timber struts, in the projection of the formwork, are removed. 
Several sets of formworks are used to allow the concrete of the top heading to cure for at least 
2 days. 

4 - Bench: Once the crown has been casted, the excavation of the central bench is carried 
out with an offset of 5 or 6 rings from the face. When the dimensions of the tunnel allow it, it 
is excavated leaving a 1.0 to 1.5 m safeguard platform, so that the thrust that the crown trans- 
mits to the ground underneath does not form failure planes that could give rise to settlements 
and failure of the crown. As indicated above, the excavation of the bench stage, and therefore 
the casting of the side walls, will be carried out in two counterforts or walls, excavating, and 
casting alternately to always guarantee the support of the crown and adopting the necessary 
measures to avoid its deconfinement due to settlement in its support areas. To achieve this 
objective, it will be essential to excavate each wall in modules of the same length as the 
advance of the crown, making the joint of the top heading rings coincide with the centre of the 
future side wall, so as not to completely remove one ring of the crown. For the reasons given 
above, never excavate two facing each other at the same time. 
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5 and 6 - Invert and Contact injections: Finally, the invert is executed, where the correspond- 
ing excavation is carried out in a length generally of 2 to 4 rings, and then the concrete is 
placed to completely close the section. After the construction of the invert, the back of the 
crown is grouted using post-drilled holes. The aim of this process is to fill any gaps that may 
remain at the crown extrados between the concrete, the timber shoring, and the excavation 
profile, and to waterproof the contact joints between the rings. The injection pressure must be 
limited to avoid excessive loads on the lining, usually limited to 1 bar. 


3 SOIL-STRUCTURE INTERACTION MODELS 


Firstly, it is necessary to create two models: a three-dimensional and a two-dimensional SSI 
model, based on the first one. To generate both models, the finite element calculation pro- 
gramme PLAXIS 3D and 2D were used, respectively. 

A cross-section of a metro tunnel with a lithology typical of the northern area of Madrid 
was chosen. The geological stratigraphy of the case used for the present analysis is formed by 
a superficial layer of Quaternary made ground, followed by a set of Tertiary materials, namely 
a layer of “Arenas Tosquizas” (clayey sands), “Toscos” (sandy clays) and finally a layer of 
“Peñuelas” (mainly over consolidated clays) (Rodriguez 2000). The total covering of the 
tunnel is equal to 12.9 m, of which 12 m are Tertiary materials and only 0.9 m represent the 
superficial “Relleno Antrdépico” (made ground). The stratigraphy of the models as well as 
their layers thicknesses are summarised in the Table 1. A typical section of a metro tunnel has 
been used for both models, as shown in Figure 2 previously. Furthermore, Figure 4 shows the 
two models in which important features of these 2 models can be observed, among others, the 
geometry of the model, the mesh, and the stratigraphy. 


Table 1. Summary of the stratigraphy of the models. 


Top Layer Bottom Layer Thickness 
Materials m m m 
Relleno antrópico 617.0 616.6 0.9 
Arena tosquiza 616.1 615.5 0.6 
Tosco 615.5 612.3 3.2 


Peñuela 612.3 586.0*; 579.9** 26.3*; 32.4** 


* 3D model; **2D model 


I IS 80 m 


A OTNES 


31 m 
37 m 


Figure 4. 3D SSI Model (Left) and 2D SSI Model (Right). 
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Regarding the properties of the models, it should be noted that the soil was assumed to be 
dry, based on the results of the geotechnical campaign. Therefore, a drained type of calcula- 
tion has been carried out. On the other hand, the Hardening Soil constitutive model was used 
to express the stress/strain behaviour of the ground and their properties are summarised in 
Table 2. 


Table 2. Hardening soil ground parameters. 


Materials Hardening soil parameters 
Ysat Yunsat Ko e O y Eso" Esed" Bae m Vur p“ Ko™ 
a kN/m? - kPa ° ° MPa MPa MPa - - kPa - 


Relleno antrópico 18.0 18.0 0.5 0(3*) 28 0 8 8 16 0.5 0.35 100 0.53 
Arena tosquiza 20.5 20.5 0.8 10 33 0 130 130 260 0.9 0.30 100 0.46 
Tosco 21.0 21.0 0.8 30 30 0 150 150 300 0.7 0.30 100 0.50 
Peñuela 20.0 20.0 0.8 50 28 0 200 200 400 0.7 0.28 100 0.53 


* Adopted value for convergence requirements. 


3.1 3D SSI model 


The three-dimensional Soil Structure Interaction (SSI) model developed in PLAXIS 3D com- 
prises the dimensions of 40 by 60 meters in plan, by 31 meters deep and can be seen on the 
previous image. The model has over 162000 elements and the tunnel liner is modelled as volu- 
metric elements with dummy plates at its centroids, to facilitate the extraction of internal 
forces for structural design. 

The following images show in more detail the volumetric elements used for modelling the 
unreinforced concrete liner and the structural elements modelled used for this 3D SSI model, 
such as: the waler steel beams, timber planks, and timber struts to model the temporary works 
that support the ground prior to the installation of the concrete permanent liner. 

Finally, the model replicates the complex sequence of Madrid’s traditional Method and has 
six independent phases to excavate one single crown advance with a 2.5 m round length. In 
total the model represents the construction of 16 round lengths (16*2.5 = 40 m), and its walls 
and invert installation, thus comprising a total of 115 phases. 


Phase 5 


Phase 6 Phase 42 Phase 98 Phase 115 


Figure 5. Calculation phases of the 3D model. 


3.2 2D SSI model 


The two-dimensional model is intended to be a reproduction of the three-dimensional model, 
presented in the previous section. The dimensions of this model are 80 m wide and 37 m deep. 
The location of the tunnel as well as the stratigraphy is the same in both cases. 
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In the same way as for the three-dimensional case, the final lining of the tunnel has been 
designed as volumetric elements with dummy plates at its centroids Furthermore, the timber shor- 
ing and the timber struts have been considered to simulate the temporary support of the tunnel 
advance, the former have been modelled with plates and the latter with embedded beam rows. 

Regarding the two-dimensional model, it should be noted that the Mgtage numerical calcula- 
tion tool is used to reproduce the effect of confinement during excavation that occurs in 3D 
models. This parameter is key to calibrate the model, as described below. 

The calculation phases used to simulate the construction of a tunnel using the TMM in two 
dimensions are listed below, with the relevant relaxation obtained from the calibration. 


e Phase 0: Initialisation of in-situ stresses; using Kọ method. 

¢ Phase 1: Excavation of top heading and temporary lining; soil relaxation up to 79%. 

e Phase 2: Virtual phase for simulation 3D behaviour of distance to excavation face; soil 
relaxation equal to 40%. 

° Phase 3: Concrete casting of top heading. 

e Phase 4: Excavation of central bench. 

e Phase 5: Excavation of right bench; soil relaxation equal to 48%. 

e Phase 6: Concrete casting of right lateral wall. 

e Phase 7: Excavation of left bench; soil relaxation also equal to 48%. 

° Phase 8: Concrete casting of left lateral wall. 

e Phase 9: Excavation of the invert. 

° Phase 10: Concrete casting of the invert. 

e Phase 11: Section completed with concrete of 7 days old. 


PHASE 1-2 PHASE 3 PHASE 4 


PHASE 5 PHASE 6 PHASE 7 


PHASE § PHASE 9 PHASE 10-11 


Figure 6. Calculation phases of the 2D model. 


4 CALIBRATION 


The aim of the calibration is to obtain a set of calculation phases that accurately represent the 
behaviour of the Traditional Method of Madrid with a required three-dimensional behaviour 
for a two-dimensional analysis. This fact implies a simplification of the calculation models 
since the problem will be analysed as a plane strain in 2D. This simplification implies that the 
phases of the construction process cannot be conveniently idealised directly, but that a study 
based on a three-dimensional model is necessary to be able to represent the real effect of the 
whole excavation and support process. To be able to correctly represent the actual behaviour 
in a 2D model, a calibration of the confinement effect experienced in 3D models must be 
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carried out. This calibration is carried out using the PLAXIS numerical parameter Metage 
which controls the degree of deconfinement of the excavations; in other words, the ratio of 
unbalanced stresses that must reach equilibrium at the one stage of the model. 

Therefore, the main variable of this analysis has been the level of relaxation that the ground 
may experience in each calculation phase when it involved an excavation. In addition, some 
assumptions have been made based on experience and knowledge of the construction method. 
Firstly, a virtual support phase has been created to simulate the behaviour experienced by the soil 
when excavating the top heading, since without this phase the deformations achieved in the three- 
dimensional model would not be reached in the same way, due to distance to the excavation face 
and longitudinal ground arching effect. Secondly, it has been imposed that the level of relaxation 
when excavating the lateral benches are equal to guarantee the symmetry of the model. 

The calibration process has been carried out by comparing the level of ground surface sub- 
sidence and the crown vertical movements in each calculation stage for each model. After 
obtaining accurate deformation results, it has been verified that the forces experienced in the 
tunnel structure are comparable in both models. The results obtained are presented in the fol- 
lowing sections. 


4.1 Ground settlements 


The maximum value of the surface settlements in the final phase of the calculation are: for the 3D 
case the maximum settlement is equal to 7.74 mm, while for the 2D case it is equal to 7.73 mm. 
Regarding the variation of these vertical movements throughout the calculation phases, it can be 
seen in the following graphs how the settlement obtained in the first phase, which is the most 
critical, represents approximately 40% of the final value reached in both models, specifically 41% 
for the 3D model and 42% for the 2D; for both cases implies a settlement equal to 3.2 mm. Then, 
in the concreting phase of the crown, the accumulated settlements are equal to 72% in both cases, 
which represents a settlement equal to 5.6 mm. In the phase of excavation of the left wall, the 
accumulated value amounts to 91% (7.1 mm) for the 3D case and 88% (6.8 mm) for the 2D case. 
After the excavation and concreting phase of the right wall, the acquired values of accumulated 
settlements exceed 95% in both models, see Figure 7. 

As far as the vertical movements of the tunnel crown are concerned, the value achieved in the 
final phase is equal to 10.7 mm for the 3D case and 10.4 mm for the 2D case (see Figure 8). The 
maximum vertical is correctly adjusted in the phase of the excavation of the top heading (5.2 mm 
for the 3D and 4.7 mm for the 2D). In the phase of crown casting, the maximum settlement 
obtained in the 3D model is equal to 5.4 mm and in the 2D case it is equal to 8.1 mm. This differ- 
ence between the values of the vertical movements is progressively reduced in the following 
phases: in the phase of excavation of the left bench the result obtained is equal to 10 mm, while in 
the 2D case it is equal to 9.4 mm; in the phase in which the invert is excavated it is equal to 
10.6 mm in the 3D model and 10.4 mm in the 2D model, until finally arriving at a difference of 
less than 0.3 mm. 


Ground surface subsidence (3D model) 


Ground surface subsidence (2D model) 


< an a 


Figure 7. Ground surface subsidence of the models at each calculation stage. 
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4.2 Tunnel liner internal forces 


The forces obtained in the tunnel lining have been analysed in the final phase of the calcula- 
tion, i.e., when the section is completed with a 7-day concrete in the entire tunnel lining. The 
following graph shows the maximum and minimum values for the stresses in the crown and 
the side walls. 


Ground surface subsidence at different excavations phases Crown subsidence at different excavations phases 


Figure 8. Maximum ground surface subsidence and crown subsidence at different excavations phases. 


Comparison of maximum and minimum forces at the final calculation phase 


Shear forces =- 


Bending moments 


(kNm 


Axial forces 


b-c t 


< © =è | ateral walls (3D model) 


moments 


eee 


Lateral wall (2D model 


ending r 


B 


ee 


Figure 9. Maximum and minimum forces in each model at the last calculation phase. 


5 RESULTS DISCUSSION 


Firstly, the settlements obtained on the surface are practically equal in the last phase of the 
calculation, this point is evidenced by the fact that the relative error is equal to 0.13%. On the 
other hand, the calibration reached in the first calculations phases is also well adjusted, the 
relative error at this stage is less than 1%. From the concreting of the right sidewall onwards, 
the variation of the surface settlements is practically negligible, and the relative error does not 
exceed 1%. In general, the surface subsidence adjustment is very accurate in all the calculation 
phases analysed. 

Secondly, the vertical movements in the tunnel crown are well adjusted in the first phase 
and from the concreting of right sidewall stage until the end of the construction procedure. At 
the end stage, the relative error is equal to 2.8%, which means a difference of 0.3 mm. The 
evolution of these movements shows a slightly different behaviour in the intermediate phases. 

Lastly, the forces in the final phase of the model are relatively well adjusted, in the tunnel 
crown where the maximum absolute error for each force is: 4.5 kNm/m for the bending 
moments, 11.6 kN/m for the axial forces and 148 kN/m for the shear ones. Although in the 
case of shear stresses the error is higher, this only indicates the maximum value and, in any 
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case, the shear force does not typically drive the design due to the significant thickness of the 
concrete liner. On the other hand, in the case of the side walls the fitting is not as accurate as 
for the crown, the absolute errors obtained are: 52 kNm/m for the bending moments, 72 kN/ 
m for the axial forces and 54 kN/m for the shear forces. This fact may be due to the construc- 
tion sequence simulation, since the main difference between both models is the excavation of 
the lateral benches, since while in the two-dimensional model each wall is excavated and con- 
creted in different phases (4 phases in total), in the three-dimensional model the excavation of 
one wall is staggered with the concreting of the other. Despite this, the obtained adjustment is 
considered suitable for the analysis. 


6 CONCLUSIONS 


In this paper, a calibration of a 2D SSI approach of Traditional Method of Madrid was 
undertaken. To this purpose, two models have been developed: a 3D SSI model with complex 
modelling phases and detailed structural elements and a 2D version of it, more simplified. The 
calibration of the 2D model has been conducted by comparing the ground movements and 
concrete liner forces resulting in the 3D model, with the 2D ones. The following conclusions 
were obtained: 


— The numerical parameter Mgtage of the Plaxis2D software enables the confinement behav- 
iour experienced in excavations to be accurately simulated in 3D models for 2D models. 

— The calculation phases described in this document accurately reproduce the performance of 
the TMM. The simulation of the top heading excavation and shoring can be achieved with 
two phases, the first one with a relaxation ratio of 79% and then a virtual one of 40%. The 
excavation of the lateral walls can be simulated by a relaxation of the 48%. 

— The conclusions and recommendations of this paper can be used with skill and care for 
early stages of a similar project using the Traditional Method of Madrid. 

— These results were validated against literature; however, it is recommended that these 
results be further investigated during construction using back analysis of monitoring data. 
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ABSTRACT: Porto Metro has commissioned to Ayesa, the design of the future Rubi Line 
tunnels. The new line project includes 8 new stations, 4 of which are underground, and 
approximately 2.6 km of tunnels. These tunnels are double-track railway with an equivalent 
external diameter of 9 m, and they cover different stretches of the alignment, both in the cities 
of Porto and Gaia. The tunnels go through different geo and hydrogeological conditions, 
overburden, topography, and underneath different type of buildings. The foreseen geology is 
quite complex, including fresh Granite and Schist-Greywacke Complex and their residual 
soils. Both rocks weathering result in quite deformable and mixed soils, making up 
a challenging scenario of mixed face conditions. This context has critically conditioned exca- 
vations stability, which consequently needed to be fully investigated using advanced 3D mod- 
elling. This paper presents how the proposed design solutions tackle the intrinsic challenges of 
Porto’s complex and heterogeneous geology. 


1 INTRODUCTION 


One of the essential points in the plan for the third phase of the expansion of the Porto Metro 
network is the creation of a new connection linking the municipalities of Porto and Gaia. 
What is informally known as the “Gaia’s second line” will run from Casa da Musica to Santo 
Ovidio stations. 

Rubi Line, highlighted in Figure 1, aims both to relieve excessive demand rates of the 
Yellow Line, the busiest of the network, and to provide a more efficient and sustainable con- 
nection system through the metropolitan area, linking Casa de Musica, in Porto, to Santo 
Ovidio station in Gaia. 

The main objective of the construction of this new line is giving people better public trans- 
portation options which will lead to a significant reduction of the individual use of private 
transport. Encouraging people to change their mobility routines towards a more sustainable 
transportation model is considered to be a crucial step to achieve the goal of cutting on CO2 
emissions. The project is aligned with 2030 agenda for sustainable development goals, SNGs 
(United Nations Development Programme, 2018), notably: good jobs and economic growth, 
innovation and infrastructure, reduced inequalities and sustainable cities and communities. 

According to the metro forecasting it is estimated that the construction of the Rubi Line 
will increase the network total number of journeys per year in 12.7 M by 2029; i.e., 13% 
increase. Furthermore, it will lead to a reduction in private transport of 5.8 M journeys 
per year in 2029 and an increase in complementary public transport journeys, of 2.2 M; 
(Demand Forecasting for Rubi Line, 2022). 
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Figure 1. Porto Metro simplified network with its terminal stations. 


Note that the Porto Metro in 2022 has a total length of 67 kilometres, with 8 kilometres of 
tunnels. It comprises 82 stations, of which 14 are underground. The future Rubi line project 
will build 8 new stations, 4 of which are underground stations, namely: Campo Alegre, Deve- 
sas, Soares dos Reis and Santo Ovidio, as shown in Figure 2. The new tunnels connect 3 
underground stretches: Casa da Musica — Campo Alegre (in Porto), Devesas — Soares dos 
Reis and Soares dos Reis — Santo Ovidio (in Gaia). The new tunnels are designed considering 
a Sprayed Concrete Lining approach and are approximately 2.6 kilometres long. The Rubi 
line also includes a bridge over the Douro River which is designed in another contract and not 
covered in this document. 
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Figure 2. New Rubi Line alignment through Porto and Gaia’s cities. 


Rubi Line’s technical challenge has been greatly defined by Porto’s and Gaia’s heterogeneous 
geology framework. Both drill and blast and traditional methods will be combined for the exca- 
vation, in order to tackle the complex geology expected. Based on a strong geological variability 
and a flexible and robust tunnel design approach, Metro do Porto’s Rubi line design has proved 
to be both a technical and a strategic challenge in terms of tunnelling design. 

The engineering team strived to combine several construction methods willing to upgrade 
the constructability of the design and aiming for the most flexible solutions, fully adapted to 
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the city requirements and constraints. We have blended a surface and underground metro 
design, that smoothly travels the underground complex environment. Rubi Line showcases 
the challenges of designing complex new infrastructure in an urban environment, conceived 
for supporting the SNGs whilst ensuring technical excellence, safety, and constructability. 


2 GEOLOGICAL CONTEXT 


2.1 Regional context 


To the west of the city of Porto, on the shoreline between the Felgueiras’ pier (Foz do Douro) 
and the Fort of S. Francisco Xavier, there is a magnificent metamorphic belt made up of 
metasedimentary rocks which spatially can be related to different types of orthogneisses, con- 
forming what is known as The Metamorphic Complex of the Foz do Douro (MCFD). This 
region is part of an extensive metamorphic belt, which lies NNW to SSE, and runs from the 
outskirts of Porto until Tomar, being designated as the Porto-Tomar shear zone. 

The Porto-Vila Nova de Gaia area is crossed by a series of faults that have altered the geol- 
ogy of the area through two main processes. The first is the metamorphism that has occurred 
due to the creation of the fault itself caused by the high pressures generated. The second pro- 
cess is the weathering of the rocks due to natural causes, which cause the rock to degrade and 
lose its initial properties, (Viana da Fonseca & Quintela, 2011). 


2.2 Porto’s granite 


The Porto granite is omnipresent along the entire northern bank of the Douro River. This 
massif, Syntectonic to the 3rd phase of the Hercynian orogeny, was installed about 310Ma ago, 
between the terrains of the Schist Greywacke Complex, defining a NW-SE aligned batholith. 

The massif presents two micas, with the dominant muscovite, and medium grained, some- 
times coarse grained. Finer-grained Aplite passages are also frequent. 


2.3 Porto’s Schist Greywacke Complex 


On the south bank of the Douro River, the soils of the Schist Greywacke Complex assume 
a dominant character. They correspond to the metamorphic setting of the Hercynic granites, 
which is why they are frequently cut by material of granitic and aplitic composition. 

The occurring lithologies reflect the proximity of the granitic massifs, prevailing, in the area 
of interest, the migmatitic facies. There are also references to shale and mica schists, generally 
very altered and fractured. 


2.4 Weathering and residual soils 


The massif’s alteration process has been triggered and conditioned by both fracturing and 
underground water circulation. This scenario has induced erratic and complex profiles of 
alteration, revealing sudden variations in the massif’s degree of alteration, fostering the forma- 
tion of the local residual soils as shown in the following figure. 


2.5 Geotechnical longitudinal sections 


The geotechnical campaign identified 10 different lithological units, 5 for the Porto’s Granite 
Complex (G1-G5) and 5 for Gaia’s Schist Greywacke Complex (X1-X5). 

The following geological longitudinal sections shown in Figures 4-6, present the 3 different 
stretches of the tunnel show the variability of the geological stratigraphy ranging from very 
competent rocks to very poor residual soils. The colours shown in the longitudinal sections 
correspond to different geological units identified in the coloured rows of Tables 1 and 2. 
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Figure 3. Wathering process creating residual soils and erratic and heterogeneous ground conditions. 


Figure 5. Geological longitudinal section in Gaia: Devesas — Soares dos Reis. 


Figure 6. Geological longitudinal section in Gaia: Soares dos Reis — Santo Ovidio. 


2.6 Geotechnical parameters adopted for the tunnel design 


The material is subdivided according to the mechanical properties obtained from the tests. 
Both granites and schists are divided into 5 categories (G1, G2, G3, G4, G5 X1, X2, X3, X4, 
X5) according to the degradation of the material itself. 
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Table 1. Geotechnical parameters adopted for the rocks (G1-G3 and X1-X3) using Hoek-Brown model. 
Rock Unit y(kN/m*) ojm(MPa) m; GSI D E(MPa) v Ko Weathering Class 


Table 2. Geotechnical parameters adopted for the residual soils (G4-G5 and X4-X5) using 
Hardening-Soil constitutive model to a pref of 100 kPa. 


Soil Uni yy (KN/m*)_—sc’ (kPa) ọ'()  Eso(MPa) v Eu“ (MPa) m Ko 


3 CONVENTIONAL TUNNELLING 


In terms of the final liner, the tunnel space-proofing was developed in such a way as to allow 
the use of the same internal section in straight and curved stretches. Tolerances for trains and 
tracks within the internal section of the curved stretches have been guaranteed by imposing 
a slight translation of the track’s axis regarding the tunnel’s axis (see Figure 7 below). This 
solution enables the same sliding formwork to be used throughout the conventional tunnel 
regardless of the excavation support section, leading to a reduction in construction costs and 
an increase in construction quality and speed. 


Figure 7. Typical functional section of the Conventional Tunnels. Straight section (on the left) and 
curved section (on the right). 


As noted previously, the Conventional Tunnels totalize approximately 2.6 km and will be 
excavated and constructed through very erratic and heterogeneous residual soil. In order to 
account for a robust and flexible design, it is necessary at design stage to foresee the diverse 
types of ground and mixed face ground conditions that can be encountered. This leads to 
design a number of typical cross sections that can accommodate to the diverse ground condi- 
tions that were identified and estimated throughout the alignment. 
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The tunnel support typical sections were developed to allow flexibility for the construction 
team, while addressing the safety, quality and constructability concerns of the construction 
teams that were consulted during the design phase. 


3.1 Tunnel typical support sections 


To provide a flexible and robust design for the construction, the design team adopted the use 
of the Sprayed Concrete Lining approach and a combination of ground treatment and control 
of the groundwater infiltrations where necessary. This led to the definition of a total of 8 typ- 
ical support sections, as follows: 


e Al to A4: Good quality rock (units G1, G2, X1 and X2). Support: 100 mm sprayed con- 
crete with steel fibres + rock bolts. Advance round length up to 2.0 m. 

e BI and B2: Transition ground conditions rock-residual soil/mixed face (units X3, X4, G3 
and G4). Support: 250 — 350 mm sprayed concrete with steel fibres + lattice girders and 
eventually rock bolts. Advance round length of 1.0 m 

e C: Residual soil competent parameters (units X4 and G4). Support: 250 mm sprayed con- 
crete with steel fibres + lattice girders. Advance round length of 1.0 m. Top heading and 
face ground treatment as Jet Grouting (JG), forepoling and fibreglass dowels. 

e D: Residual soil poor parameters (units X5 and G5). Support: 350 mm sprayed concrete 
with steel fibres + lattice girders. Advance round length of 0.8 m + pilot tunnel. Use of top 
heading and face ground treatment as JG, forepoling and fibreglass dowels. 


Figures 8 and 9 show a few examples of the typical support sections obtained for rocks and 
residual soils. The design of the rock sections was mainly undertaken in UnWedge and for the 
sections B to D, a complete SSI analysis was undertook using PLAXIS 2 and 3D. 


Figure 8. Example of rock tunnel support sections. Low discontinuities in the rock (A4), on the left, 
and tunnel section underneath buildings with basements (A3), on the right. 


Figure 9. Example of residual soil support sections. Competent soil (C), on the left, poor soil param- 
eters (D), on the right. 
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3.2 3D Soil-structure interaction 


The design adopted PLAXIS 3D for the three-dimensional soil structure interaction analysis. 
This allowed to calculate the level of relaxation and forces acting on the primary liner in 
a complete and efficient way. The use of 3D SSI models also allowed the direct design of the 
ground treatment. Figure 10 shows 2 examples of PLAXIS 3D models developed for the design. 

Ground treatment solutions have also posed a great design challenge due to the varying 
geology in terms of stratigraphy and geotechnical parameters. Depending on the expected 
ground’s matrix characteristics, it was necessary to specify either Jet Grouting or forepoling 
for the crown treatment. In addition, for the face ground treatment it is necessary to use either 
Jet Grouting or fibreglass dowels. 

The high number of scenarios combining a complex and erratic geology, and different type 
of ground treatments and overburden led to develop around 15 models in PLAXIS 3D during 
the design development. 

Finally, it was advanced to 10 final PLAXIS 3D models which were then used for the defin- 
ition of the 8 Sprayed Concrete Lining typical support sections. 


Figure 10. Example of PLAXIS 3D SSI models used for the design of typical sections. Section C with 
Jet Grouting columns (on the left) and section D with forepoling and a pilot tunnel (on the right). 


3.3 2D Soil-structure interaction 


After obtaining the ground relaxation from the PLAXIS 3D model it is possible to develop 
plane strain models in PLAXIS 2D (see Figure 11) to check intermediate scenarios of stratig- 
raphy and overburden for a given typical support section and geology. Thus, the design team 
developed over 20 PLAXIS 2D models that cover the different design scenarios that can be 
found in the 2.6 km of the tunnels. 

In addition, the development of 2D SSI models allowed us to design the permanent liner in 
a more efficient way, since both primary and permanent liner were modelled in the same 
model as cluster, thus allowing design efficiency and optimization of the permanent liner. 


Figure 11. Example of PLAXIS 2D SSI models used for the design of the permanent liner. 
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4 RESULTS AND DISCUSSION 


The use of the Sprayed Concrete Lining approach enabled the tunnelling design team to 
define 8 tunnels support sections that allow to tackle the complex and erratic geology of the 
future Rubi Line, while taking a closer attention to flexibility and constructability aspects. 
This resulted in the definition of 4 main families of solutions: A, B, C and D. As show in 
Figure 12 charts, the new 2.6 km tunnels will be excavated approximately 19% in good rock con- 
dition, 34% in transition rock-soil, 24% in competent residual soil and 23% in poor residual soil. 


Casa da Musica - Campo Alogre Devesas - Soares dos Rots Soares dos Reis - Santo Ovidio Total 
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Figure 12. Circle charts that show the distribution of the tunnel typical support sections estimated in 
the design phase for the different stretches of the future Rubi line. 


5 CONCLUSIONS 


This paper briefly presented the design approach used by the design team to tackle the highly 
complex, erratic, and heterogeneous geology for the future Porto Metro Rubi Line. The use of 
the Sprayed Concrete Lining solutions allowed to provide flexibility, safety, and adaptability 
to the developed design. The 8 typical support sections defined to build the new tunnels were 
specially designed to improve constructability, safety and quality. 

The use of 3D SSI analysis allowed to integrate the design of ground treatments and liner 
structural checks within the same models, which allowed to provide a robust and optimized 
design of both ground treatments quantities and sprayed concrete thicknesses. 

The use of 2D SSI analysis allowed to optimize both permanent concrete liner thickness 
and its reinforcement, since both primary and permanent liner were modelled integrated, and 
the construction sequence modelled for both short and long-term scenarios. 

Finally, focusing the design workflow on improving constructability, safety and quality for 
the tunnel design resulted in savings in both construction costs and program which support 
both the project objectives and united nations sustainable development goals. 
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ABSTRACT: The existing Gotthard Road Tunnel is one of the most important under- 
ground connections in Europe. With a total length of 17 km across the Alps, it connects the 
German-speaking northern part of Switzerland to its Italian-speaking southern part. After 
more than 40 years of operation, the existing tunnel must be renovated. In order to avoid 
interrupting this crucial north-south link, the Swiss electorate decided to build a second tube 
to ensure road traffic during renovation work of the existing tunnel. The project of the second 
tube of the Gotthard Road Tunnel includes the construction of a new two-lane tunnel parallel 
to the existing tube, 5 new underground ventilation caverns, 2 new technical buildings at the 
tunnel portals and new cross-passages to the existing tunnel every 250 m. Prior to the excava- 
tion of the second tube tunnel, numerous underground preparatory works will be carried out, 
such as two access tunnel of 5 km length each, and two new sections of the service and emer- 
gency gallery. The present paper highlights different design aspects of these preparatory works 
and lessons learned after about two years of construction in the heart of the Alps. 


1 INTRODUCTION 


1.1 Project overview 


The existing Gotthard Road Tunnel is part of the Swiss highway A2 and is one of the most 
important and busiest underground connections in Europe. With a total length of 17 km, the 
existing tunnel between the German- and the Italian-speaking part of Switzerland connects 
northern and southern Europe by crossing the Alps at a depth of up to 17500 m. The two-lane 
bi-directional tunnel was built in the 70’s and was commissioned in 1980. After more than 40 
years of operation, the existing tunnel must be renovated. Due to the extensive refurbishment 
required, the existing tunnel would be decommissioned for at least 3 years. To avoid an inter- 
ruption of this crucial road-connection, the Swiss government decided in 2012 to realize 
a second tube parallel to the existing Gotthard Road Tunnel. This decision was ratified in 
2016 by the Swiss electorate. The new tube will maintain this crucial North-South connection 
during renovation of the existing tunnel. The project of the second tube of the Gotthard Road 
Tunnel essentially includes the construction of a new two-lane tunnel parallel to the existing 
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one, 67 new cross-passages to the existing tunnel, 5 new underground ventilation caverns 
linked to the existing ventilation shafts of the existing tube, 2 new technical buildings in the 
portal areas Göschenen and Airolo and several comprehensive preparatory works, which 
must be realized prior to the realization of the main construction works (see chapter 1.2). 
After completing the new tunnel and refurbishing the existing tunnel (“first tube”), all the 
tunnel system will be operated in an integrated mode, with each tube being a single-lane, one- 
way tunnel with one traffic and one emergency lane (see Figure 1). Only during maintenance 
works or in case of extraordinary events requiring the closure of one of the two tubes, the 
other tube will be operated as a two-lane bi-directional tunnel. 

The owner and manager of the project is the Swiss Federal Roads Office (FEDRO). 
Responsible for the design of the new tunnel and all related works is the Swiss Joint Venture 
“Nuovo Gottardo”, which includes the engineering companies Lombardi Engineering Ltd., B 
+S AG, ILF Consulting Engineers AG and Emch+Berger AG Bern. According to the current 
cost estimation, the investment amounts to 27140 Mio. Swiss Francs. The main works for the 
new tunnel are subdivided in 3 construction lots: lot 111 is responsible for the material man- 
agement and logistics of the whole project; lot 241 is responsible for the realization of the 
northern part and lot 341 is responsible for the realization of the southern part of the second 
tube. The second tube will be excavated by two shield tunnel boring machines (TBM-S). The 
main construction lots 241 and 341 started in October 2022. The commissioning of the second 
tube is scheduled for the end of 2029. 


New second tube of the Gotthard Road Tunnel 


Cross-connections Existing tunnel system 


North portal in Goschenen Ss 
Pp — 

every approx. 250 m WE New access adits North/South 
=p 
co 


Ventilation building 


Göschenen (cul and cover) 
Fault zone North New ventilation and technical bulldings 


Bypass of the existing service gallery at portal areas 
Ventitation building 


Bazberg (underground) Service and 


Ventilation building tps Fault zone South 
Hospental (underground) 
South portal in Airolo 
SN Ventilation building 
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ondergroure) Ventilation buliding 
Motto di Dentro (underground) 


Ventilation building 
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Figure 1. Overview of the existing Gotthard Road Tunnel, the existing service and infrastructure gal- 
lery, the new second tube and related underground works. 


1.2 Overview of the preparatory underground works 


An important part of the project are different preparatory underground works, which must be 
realized prior to the realization of the main construction works. 

Currently, a service and emergency gallery runs parallel to the existing first tube (Figure 1), 
providing fresh air to the existing cross-passages and serving as an emergency exit. The portal 
zone of this service gallery is located at the future portal of the second tube, resulting in an 
interruption of the operation of both the service gallery and the ventilation system. To main- 
tain the ventilation system and ensuring the safety of the continuing operation of the existing 
first tube at any time during the construction, the existing service gallery will be bypassed by 
a new gallery at each portal prior to the realization of the main works. These new service gal- 
leries will be equipped with new ventilation and equipment buildings and commissioned prior 
to the intersection of the service gallery by the second tube excavation. The excavation of the 
new service galleries (lots 242 and 342) started in early 2021, i.e. prior to the main construction 
lots. The commissioning of the new service gallery will take place in March 2023 (southern 
section) and in Spring 2023 (northern section). See chapter 2 and 3. 
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According to the geological and hydrogeological prognosis, the new second tube will 
cross two large fault-zones of about 300 m length each, which were already encountered 
during the excavation of the first tube and the service gallery in the 70’s. The fault- 
zones are located at a distance of approximately 4 km from the northern (“Fault-zone 
North”) and approximately 5 km from the southern (“Fault-zone South”) portal. In the 
fault zones with overburdens of up to 1’500 m, heavily squeezing rock conditions are 
expected. During the excavation of the first tube, radial displacements of up to 
0.65 m were measured and some sections of the tunnel had to be partially re-excavated. 
Considering the previous construction experiences the present rock mechanics analyses, 
which were carried out for the design of the second tube, it was concluded that the 
crossing of this fault zones cannot be realized with a TBM-S because of the high risk of 
shield jamming. Hence it was decided to excavate the fault zones conventionally prior to 
TBM excavation, and subsequently pull the TBM through. This approach necessitated 
two access adits of about 4 and 5 km in length from the north and south, respectively. 
The excavation of these adits, in gneiss and granitic rock-formations with overburdens 
of up to 1’000 m, will be performed by an open gripper-TBM in the northern and by 
a shield-TBM in the southern section. In addition, a big cavern will be excavated near 
the portal area of Göschenen for hosting the installation plants for concrete production, 
prefabrication of segments, and logistics. In spring 2021, preparatory work of these 
access adits started (lots 243 and 343). Both TBMs started operation in summer 2022. 
Completion of the adits is expected by the end of 2023. They will be subsequently 
handed over to the main construction lots, during which the second tube through fault 
zones will be excavated by conventional tunnelling. The section will be fitted with 
a primary lining that allows for controlled deformation of the rock massif. 


2 LOT 242: NORTHERN SERVICE GALLERY - CHALLENGING EXCAVATION IN 
HIGHLY SENSITIVE SOIL CONDITIONS 


Over 150 m of the new northern service gallery was excavated through loose soil (landfill 
material — see Figure 2). The remaining 280 m of the service gallery crossed hard rock 
of the Aar Massif - which consists mainly of granites and paragneiss — and were exca- 
vated by drill and blast in vicinity to the existing first tube. The greatest challenge of 
this tunnel excavation was crossing the very sensitive landfill material and undercrossing 
the existing cut and cover tunnel “Steglaui” in these conditions. The excavation was car- 
ried out with systematic auxiliary measures including a pipe umbrella, long fiberglass 
face bolts and drainage boreholes. Contrary to the geological prognosis, the cohesionless 
landfill material appeared immediately very loosely packed. Due to these circumstances 
and after the occurrence of a major collapse, various additional auxiliary measures were 
put in place. The measures served, in particular, to prevent the cohesionless landfill 
material from cave-in between the pipe umbrellas: a) the distances between the pipe 
umbrella steel tubes were reduced to a constructional minimum of 30 cm; b) the grout 
injections through the pipe umbrella were optimized and made more viscous in order to 
reduce the penetration depth of the grout into the ground and consolidate only the soil 
above the umbrella and the upper area of the excavation face; c) the injection quantity 
was increased; d) systematic spiles were inserted between the tubes of the pipe umbrella 
to inject additional grout between the pipes. With these additional measures, safe exca- 
vation through the loose soil section was finally achieved. The average advance rate was 
approx. 0.5 m/day with a 2-shift operation. 

Despite all these measures, significant settlements of up to approx. 10 cm occurred at 
the ground surface about 20 m above the excavation. After a comprehensive and accur- 
ate monitoring, these settlements could be traced back to the drilling of the umbrella 
pipes, resulting in a compaction of the soil above the excavation due to the drilling 
vibrations. Hardly any additional settlements were detected behind the face or during 
excavation works. For the undercrossing of the existing cut and cover tunnel “Steglaui” 


496 


masi. 
1115 


1110 Existing cut and cover 


1105 tunnel «Steglaui» 
1100 

1095 ^ ; 
+090 ‘Aare-Granite 
11085 masonn 
service galen, 


1'080 sdshisddnnaneewrees 


Excavation through loose soil section 


Tmo Tm 50 Tm 100 Tm 150 Tm 200 


Figure 2. Geological longitudinal profile of the northern service gallery, soft soil section. 


under operation, these settlements had to be compensated by structural measures. 
Thanks to a close and good cooperation of all project participants, the undercrossing 
caused no damage the existing tunnel structure. 


3 LOT 342: SOUTHERN SERVICE GALLERY - CHALLENGING DRILL AND 
BLAST CLOSE TO THE EXISTING FIRST TUBE 


This project part includes an open-pit excavation, the excavation of the service gallery with a sur- 
face of around 20 m° and a new ventilation and technical building realized using the cut-and- 
cover method. The new southern section of the service gallery has a total length of approximately 
300 m. The first 40 m were excavated in soil conditions, supported by a pipe umbrella and fiber- 
glass face support bolts. The remaining 260 m were excavated by drill and blast in rock condi- 
tions. The main challenges of these underground works were the encountered rock conditions and 
the small distance to the existing first tube under operation. The rock consisted mainly of wea- 
thered and fractured gneiss of the Tremola formation requiring the heaviest support type defined 
in the contract over almost the entire length. The support includes lattice girders, 22 cm of shot- 
crete reinforced with wire-mesh and in some sections the installation of an umbrella consisting of 
spiles. 

The new service gallery overpasses the existing first tube with a minimum distance of 
5 m. The main hazard was the damage of the existing tunnel structure, in particular the 
suspended ceiling with a thickness of only 12 cm, due to the vibrations caused by the 
blasting of the excavation works. To mitigate this hazard, an extensive vibration moni- 
toring system was put in place, including a monitoring plan with limit and alarm values 
and the necessary countermeasures. The monitoring system included the installation of 
geophones on the suspended ceiling, which continuously monitored the resulting vibra- 
tions, and regular visual inspections of the existing tunnel structures. When the tunnel 
excavation reached the critical tunnel section, the defined alarm values were exceeded 
and defined countermeasures implemented. The latter included the reduction of the 
quantity of explosives for each blasting stage and the punctual interruption of the traffic 
through the existing first tube during the blasting. After the overpassing of the existing 
tube, a reduction of the vibrations could be observed and the countermeasures were 
repealed. The excavation of the southern section of the service gallery was concluded 
after 9 months and commissioned in March 2023. 
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4 LOT 243: NORTHERN ACCESS ADIT - CHALLENGING CONSTRUCTION 
PHASES AND LOGISTICS FOR THE CONVENTIONAL AND MECHANIZED 
EXCAVATIONS 


4.1 Excavation of the logistic caverns and tunnels for the future underground site installations 
of the main lot 


The main construction site at the northern portal of the second tube is located in a zone with 
high risk of natural hazards, such as snow avalanches and rockfalls. Thus, it was decided to 
place part of the site equipment for the main construction lot underground. For this purpose, 
several logistic caverns and tunnels are realized by the preparatory construction lot 243, one 
of them beeing a 148 m long cavern with an excavation surface of around 260 m” housing the 
future concrete production plant. During the operation phase of the concrete production 
plant, access to the cavern is provided by a small, steep cross gallery and by a main access 
tunnel. The cross gallery, hosting a conveyor belt for the supply of the concrete production 
plant, ends at the top of the cavern. The main access tunnel allows a vehicular access to the 
cavern and to the northern access adit and is also used for the fresh air supply of the excava- 
tion of the northern access adit. From the intersection of the main access tunnel and the 
cavern, two other tunnels will be excavated: the northern access adit to reach the Fault-zone 
North, and a logistic tunnel for the supply of the main construction lot with a direct access to 
the second tube. All these preparatory excavations are placed in competent rock conditions 
(Aare-Granite) with overburden of 40 to 130 m excavated by drill and blast. Figure 3 gives an 
overview of the different excavations realized by the lot 243. 
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Figure 3. Overview of the different logistic caverns and tunnels excavated by the construction lot 243 
and the sequence of the different excavation phases. 


In the original detailed design, a top heading excavation of the cavern, accessing trough the 
cross tunnel, was planned. In a second phase, the bench of the cavern had to be excavated dir- 
ectly from the main access tunnel. In a third phase, the conventional excavation of the logistic 
tunnel and the first 200 m of the northern access adit had to be excavated. To optimize the con- 
struction schedule, construction stages were changed during construction. It was proposed to 
directly cross the future section of the cavern with the same section of the main access tunnel of 
the cavern and subsequently excavate the first 200 m of the northern access adit. 

This new approach regarding the excavation phases needed a deep analysis of the allocated 
geological risks: According to the geological prediction, the cavern was situated in a very chal- 
lenging geological zone with high probability to meet local fault zones. The prior excavation of 
the top heading had advantages: First, the top heading could be used as an exploration tunnel, 
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giving important information of the geology. Second, additional support measures, such as the 
reinforcement of the foundation area of the top-heading by shotcrete beams on top of the future 
cross sections could be easily applied. In the worst case, the intended alignment of the tunnels 
could be lightly changed for reasons of tunnel stability. Following the analysis of possible risks 
and gains, the new procedure of the excavation phases was implemented to gain valuable con- 
struction time. Indeed, the ground condition were better than predicted and the excavation 
works of all the logistic caverns and tunnels were successfully concluded in time. 


4.2 TBM excavation of the Northern access adit 


The Northern access adit of a length of about 4 km, is being excavated by an open Gripper 
TBM (TBM-G) with an excavation diameter of 7.03 m. The TBM-G was assembled outside 
on the main installation site and subsequently translated through the previous conventionally 
excavated section of the access adit. The TBM excavation started in August 2022. 

The tunnel is located in mainly competent rock (Aare-Granite, Gneiss and limestone and 
calcareous shale) with overburdens of up to 580 m. Several small fault-zones could be encoun- 
tered along the tunnel alignment. The main challenges of the TBM-G excavation are the 
reduced space to applicate the support measures and the considerable distance between the 
face and the installation point of the supporting measures. Due to the diameter of the TBM, 
the support that can be installed in the front working zone (with a distance to the face of 5 to 
9 m) is limited to rock bolts, steel profiles UNP or HEB and mesh. The mechanical applica- 
tion of shotcrete is possible only in the rear working zone with a distance to the face of 
approximately 35 m. In order to account for the possibility of encountering critical fault 
zones, that could lead to a jamming of the TBM, a 360° drilling equipment has been installed 
on the TBM. This allows to execute exploration drilling with a maximal length of 80 m in 
advance and install auxiliary support measures, such as spile’s umbrella or horizontal face 
drainages. 


5 LOT 343: SOUTHERN ACCESS ADIT - CHALLENGING TUNNELLING IN 
WEATHERED ROCK CONDITIONS 


5.1 Tunnel design for the TBM section 


The southern access adit has a length of approx. 5 km. While the adit serves as construction 
access to the South fault zone during tunnel excavation, it will be used at the end of the con- 
struction works to supply fresh air to the service duct of the second tube during its operation, 
through one of the five new underground ventilation buildings. Starting in the west of the 
existing first tube system in Airolo, the southern access adit overpasses the existing road 
tunnel after 450 m with an initial gradient of 6% and two curves with a radius of 500 m. This 
is followed by a descending drive over a length of about 4 km with a gradient of 0.5% parallel 
to the future second tube until shortly before the South fault zone. Geologically difficult con- 
ditions with increased ground water inflows are expected for the first approx. 1°000 m of 
tunnel situated in the Nufenen zone and the Tremola series of the Nelva zone. Along the 
entire length, it is expected to encounter highly fissured rock formations with unpredictable 
hydrothermally decomposed rock and sequences of several small fault zones by an overburden 
of up to 17500 m. To counteract the different possible geological hazards, it was decided to use 
a single shield TBM of a nominal boring diameter of 7.46 m. The support and lining of the 
excavation section will be done with single-layer segments reinforced with steel fibers and 
sealed joints. To enable the control of the TBM as well as to protect it from shield-jamming in 
heavily fractured rock, the bore diameter is 6 cm larger than that of the shield. In light squeez- 
ing rock conditions, the excavation diameter can be increased by 10 cm. In addition, special 
support segments with increased compressive strength and conventional reinforcement are 
provided for these zones with adverse geological conditions. 
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5.2 Adaptation of auxiliary construction measures for the conventional excavation at the 
beginning of the access adit 


The open-pit excavation and the approx. 80 m long conventional excavation at the beginning 
of the southern access adit are both located in the Triassic of the Nufenen zone. The Triassic 
was classified as a weathered rock with a soft soil character due to its strong decomposition. It 
consists mainly of porous, disaggregated dolomite with highly fracturation degree and cellular 
dolomite (Rauhwacke) with reduced strength. Due to the predicted unfavorable geotechnical 
properties, systematic auxiliary construction measures ahead of the tunnel excavation were 
planned. Accordingly, conventional excavation with pipe umbrella, long face bolts and drain- 
age boreholes was judged to be the most suitable excavation method for this tunnel section. 

Already at the last excavation stage of the open-pit, the geotechnical properties and the behav- 
ior of the Triassic during excavation proved to be much less favorable than predicted: the standing 
time of the Triassic amount to only a few minutes, disintegration under mechanical stress occurs 
already with the application of shotcrete, rapid rock deconsolidation in contact with water (within 
minutes), practically no cementation and disintegration of the rock mass to pure fine sand within 
a few minutes, significantly more groundwater seepage than expected . Due to these observations, 
an adjustment of the auxiliary construction measures became unavoidable. After an analysis of 
possible measures, the Jet-Grouting method was chosen as the best alternative. Here, the umbrella 
pipes and the FRP face bolts were replaced by jetting columns (see Figure 4). In contrast to the 
pipe umbrella, the overlapping jetting columns achieve continuous ground improvement even 
along the edge of the excavation. This was a suitable countermeasure to the very short stability 
and mechanical disintegration of the Triassic, which was not expected on this scale. 

The suitability of the Jet-Grouting method in the Triassic could already be confirmed by 
a test field in the pre-cutting area, where jetting columns with a diameter of 80 cm were success- 
fully produced. The stiff and immediate support of the excavation continues to be carried out 
with the same steel support (arch spacing 1 m) and corresponding ring closure. The full-face 
excavation steps could be increased from 1 to 2 m after an initial phase. The excavation with 
Jet-Grouting as an auxiliary measure, which has been completed in the meantime, proved to be 
a safe and reliable solution in the very complex and challenging geological and hydrogeological 
conditions of the Triassic. The change to the rock formation of the Tremola Series was carried 
out as planned with pipe umbrellas and FRP face bolts due to the more favorable rock condi- 
tions as well as the high rock strength in this zone. 
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Figure 4. Excavation profiles for the TBM launching tube of the southern access adit. 


500 


6 OUTLOOK UPCOMING WORKS FOR THE MAIN UNDERGROUND LOTS 


The construction works of the main lots were launched in October 2022. The second tube 
breakthrough is scheduled for mid-2026 (see Figure 5). 
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Figure 5. Overall construction schedule 2nd tube Gotthard Road Tunnel. 


The length of the second tube and the various logistic constraints for a construction 
site of this scale in an alpine environment impose major challenges which must be 
addressed in order to meet the commissioning date by the end of 2029. Subsequent work 
(e.g. inner lining and ceiling) need to start prior to excavation breakthrough. Since the 
logistics, the ventilation and the conveyer belt all must bypass the work along this line 
construction site, the construction process involves many dependencies and interfaces. 
To mitigate risks of delaying subsequent work, various measures had been taken in the 
design and planning phase. 

Although the geology would probably permit the usage of a Gripper TBM for the excava- 
tion of the second tube tunnel, the choice fell in favor of a single shield TBM (outer diameter 
12.3 m) with segmental liner. This construction method is expected to allow for a fast and con- 
tinuous tunnelling process, despite changing rock conditions in some sections. Prefabrication 
of segmental lining and E-shaped service duct elements enable the decoupling of main produc- 
tion steps along the excavation process. Both measures allow logistics to be carried out more 
evenly and continuously as well as independently from varying geological conditions or occa- 
sional interruptions in the production chain. Figure 6 shows the cross section of the second 
tube. 

Apart of the main tube, numerous auxiliary underground facilities have to be excavated 
and casted. In order to facilitate this subsequent work, all auxiliary facilities are positioned in 
every other tube element of 12 m in a standardized manner. The inner lining work starts not 
before TBM has crossed the previously excavated main fault zones at approx. chainage 5 km. 
At that point, the ventilation ducts and conveyor belt can be remounted into the access adits. 
Thus, construction work of the liner and ceiling can be carried out along the first tunnel sec- 
tion without obstacles due to ducts and the conveyor belt. 
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Figure 6. Standard cross section 2nd Tube of the Gotthard Road Tunnel. 
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The Glacier Garden in Lucerne gets a new main underground 
attraction 
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Lombardi SA, Lucerne, Switzerland 


ABSTRACT: “Gletschergarten Luzern” (Glacier Garden Lucerne), one of the oldest and 
most visited museums in Lucerne, Switzerland, has expanded its museums spaces into the 
underground called “Die neue Felsenwelt” in 2021. In a spectacular tunnel system through the 
rock, the museum tells the Earth’s history from the formation of the Lucerne sandstone on 
the seashore, to its unfolding into the Alpine mountains and its modeling by the glaciers of the 
Ice Age into the future. The innovative concept of the museum aims to connect its contents 
with the tunnel design by incorporation the natural geological art along the tunnel. The chal- 
lenge was to build the tunnel safely and present all surfaces as “true to nature” as possible, 
even in public areas, without any “visual disturbances” of auxiliary measures such as shotcrete 
or rock bolts. This paper illustrates selected aspects of the design and construction of an 
underground structure with the unique task of meeting high museum and architectural stand- 
ards not usually found in traditional infrastructure projects. 


1 GENERAL INFORMATION ABOUT THE PROJECT 


The client of the project “Stiftung Museum Gletschergarten”, intended to expand the museum 
with a new underground structure, as the available space on the surface was exhausted and 
rock was an integral part of the museum concept. Lombardi SA was commissioned to carry 
out the feasibility study of the project, followed by the design and finally the supervision of 
the construction of the underground part (architecture: Miller & Maranta). The execution of 
the work started in the fall of 2018 and was completed with the opening to the public in the 
summer of 2021. 

The new underground part of the museum consists of a 40 m long tunnel (Figure 1A) leading 
into an underground cavern harboring an illuminated lake (Figure 1B) and a vertical shaft 
(Figure 1C). 

The client’s main architectural requirement was to preserve the natural geological character- 
istic as much as possible: The rock surfaces were to be presented bare, with as few supporting 
measures as possible, and the natural were to be maintained. Thus, the tunnel is distinguished 
by a pronounced zigzag pattern and rhomboid cross-section given by the geological conditions 
of the rock mass. This condition also characterizes the geometry of the vertical shaft, which is 
also zigzag in its vertical section. 

The tunnel and the shaft are mainly in the rock. There was some loose material in the area 
of the tunnel portal, so a concrete structure was made using the cut and cover method 
(Figures 2D and 9). Another concrete structure, consisting of stairs and landings and housing 
an elevator, is allocated in the shaft as a connection to the surface (Figures 1 and 2C; 
Figure 8). 


DOI: 10.1201/9781003348030-61 
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Figure 1. Representation of the project (credit: Miller & Maranta). 


Figure 2. Layout of the project (credit: Miller & Maranta). 


2 GEOLOGY 


2.1 Stratigraphy and tectonics 


The Lucerne Glacier Garden is located in close proximity to several abandoned quarries. In 
these quarries, sandstones of the Lucerne Formation (Burdigalian, ca. 20 - 16 million years) of 
the Upper Marine Molasse were extracted. The Lucerne Sandstone is a blue-grey, well- 
banked, glauconite-bearing sandstone with thin marly interbeds and occasional mussel shell 
beds and coal seams. 

Tectonically, the area is located within the Midland Molasse folded up along the edge of 
the Alps. The layers dip with a gradient of about 50° in a north-northwest direction below the 
flat-lying layers of the Midland Molasse. 
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Figure 3. Impression of the tunnel (A in Figure 2, credit: Gletschergarten Luzern). 


Figure 4. Cavern and underground lake (B in Figure 2). 


2.2 Rock formation 


The rock structure is most clearly exposed in the quarry face in the former Wesemlin quarry 
north of the Glacier Garden (Figure 5). The distance of the existing excavation is only a few 
tens of meters. 
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The stratification (S) and the fault plane (kı) form the most prominent joint structures of 
the rock that characterize the terrain. A less pronounced orthogonal fault plane (k2) occurs in 
the outcrop area, but it only dissects a few individual layers. 


Figure 5. Rock structure in the former Wesemlin quarry north of the Glacier Garden (credit: Geotest AG). 


The most prominent joint face is the stratification plane S (330/48; where azimuth+90°/dip 
angle), which is slightly water-bearing. The thickness of each bedding layer varies between 0.2 
and 1.5 m. The fault plane kı (92/75) penetrates the entire outcrop and forms prominent 
cliffs in the terrain. The fracture intervals are usually several meters to decameters. The 
fault plane k) mostly penetrates only individual beddings (0.2 - 1.5 m) at intervals of 
about 0.5 - 2.0 m. 


2.3 Hydrogeology 


The little water circulates along the stratification plane S and partly along the fault planes k;. 
At some spots, water also leaked after prolonged dry periods, indicating long flow times and 
low permeabilities. The groundwater circulating in the rock is fed by direct infiltration at the 
surface above the project area. 


2.4 Summary of dominant geotechnical aspects 


Overall, the rock mass is stable and of good quality, allowing for easy rock support. 

The rock mass consists of a sequence of thick sandstone beds interrupted by thin clay 
layers. These clay layers weaken the rock mass and are therefore significant from 
a construction point of view, despite their very low thickness. The rock can be easily worked 
and mined. Cavities cannot be ruled out, but are usually detectable. 

The fault planes weaken the rock and can lead to the detachment of blocks if the intersec- 
tion with the joint structure is unfavorable. Plate-like detachments are primarily expected 
along the stratification; sliding of stratified packages is possible (Figure 7). 

Due to the orientation of joint faces and tunnel, the entire gallery area shows a stable 
tunnel face. 
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3 EXCAVATION AND ROCK SUPPORT 


3.1 Excavation 


The construction site was located in the heart of a residential area. Residents were pro- 
actively and regularly informed about the construction progress to promote their tolerance 
to dust and noise. 

The entire underground space was excavated by drill and blast. A total of 415 blasts 
(shorter than 1 m) were required. A system to monitor the vibrations caused by the 
blasting and (very) small blasting stages was installed at the sensitive nearby existing 
buildings in the area. 

The rock surfaces were finished manually by use of small pneumatic hammer to fulfill the 
architectural and museum requirements for a naturally shaped optic of the rock. The left side 
of Figure 6 shows a drill and blast stage during excavation of the tunnel along the inclined 
stratification and the perpendicular fractures. The right side of Figure 6 illustrates the follow- 
ing surface finishing with a pneumatic hammer. 


Figure 6. Excavation stage of the tunnel; left: blast stage, right: small pneumatic hammer. 


The vertical shaft was excavated from top to bottom. To ensure efficient removal of exca- 
vated material, a smaller shaft (diameter 1.8 m) was drilled first by raise boring: the only 
access to the construction site for trucks was located at the bottom in the tunnel portal area 
(left of “A” in Figures 1 and 2). 


3.2 Rock support 


The following principal hazards were considered for the definition of safety measures: small 
rock falls, plate-like detachments (unfavorable stratification-fault plane situation) and sliding 
of stratification packs (Figure 7). 

The safety measure provided to counter the above-mentioned hazards consists of a system 
of anchors of different types and lengths, depending on the size of the expected loads. Care 
was always taken to ensure that the main requirement, namely to affect the surfaces of the 
natural excavation as little as possible, was met. Due to the favorable conditions, it was pos- 
sible to exclude the use of shotcrete from the beginning, as this was incompatible with the 
architectural requirements. 

Regarding the safety of the tunnel during the operation phase of the museum, a surface 
monitoring concept was established. The tunnel is visually inspected daily by museum staff, 
while an in-depth inspection in the presence of the geologist is planned about twice a year. 
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Figure 7. Plate-like detachments; left: hazard representation, right: required anchors. 


4 CONCRETE CONSTRUCTION 


The concrete interior is essentially limited to the shaft, the tunnel portal and functional access. 
Within the vertical shaft, a complicated geometric concrete structure represents the staircase 
(Figure 8). For operational reasons of the museum, an additional parallel access tunnel with con- 
crete lining was built for the technical installations (Figure 2E). Inside the visitor tunnel, only 
a slab was built as a walking surface, the rest of the section consists of the bare excavation surfaces 
of the rock. 

According to the high architectural requirements, the concrete construction in the shaft and 
the tunnel portal had to adapt to the geometry of the rock. Therefore, these man-made struc- 
tures imitate the rock and appear as blocks and slabs inclined at 50°, carefully executed in 
exposed concrete (Figures 8 and 9). 


Figure 8. Image of the concrete structure in the vertical shaft (credit: Gletschergarten Luzern). 
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All geometrical details including casing, shape und surfaces of the concrete structures were 
defined in every detail by the architect. Figures 8 and 9 illustrate the imitation of the different 
layer thicknesses of the adjacent rock bed. In execution, this led to several challenges for the con- 
tractor, such as laborious manual shuttering and small concreting stages. The adaption of the 
form for pouring concrete to the irregular geometry of the excavated rock surface and the creation 
of the geological shapes was only possible by using panels of various sizes in a lot of dedicated 
handwork. 

The structure systematically rests on the bottom and the walls of the vertical shaft, so it does 
not pose any particular problem for statics and steel-reinforcement. The amount of rebar installed 
depends mainly on the need to contain cracking and to obtain beautiful concrete surfaces. 

Concrete with a maximum grain diameter of 16 mm was used to build the structure, in order to 
promote concrete flow in all corners of the complex geometry. The most complex casting stages 
were performed with an SCC concrete, as vibration was not possible given the lack of access 
points. 

Some of the excavated rock was added to the concrete to achieve a rock-like coloration. In 
addition, prominent concrete surfaces were manually scarified with a bush-hammer to mimic 
the rock surface texture. 


Figure 9. Tunnel portal (credit: Gletschergarten Luzern). 


5 CHALLENGES OF THE PROJECT 


The main challenge of the project was to design and execute the underground works consider- 
ing the high architectural requirements imposed using the underground opening as a public 
museum. The core idea was to realize the tunnel, the cavern and the vertical shaft in 
a geometry that would adapt as much as possible to the natural appearance of the rock mass 
on site or imitated it in in-situ concrete. Excavation was therefore to be carried out in such 
a way that all rock surfaces were left in their natural shape, without rock support measures 
being used (or seen), but still ensuring safety for museum visitors. 
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In order to ensure these high requirements, it was necessary to adapt the path and location 
of the underground spaces during the execution of the excavation itself, evaluating the condi- 
tion of the rock mass after each excavation phase. More specifically, the hazard assessment 
considered different route and tunnel section variations: In many cases, the problem of plate- 
like detachments was solved by shifting the theoretical excavation profile until a stable stratifi- 
cation was found. In most cases, displacements of less than | m were sufficient. 

This constant evaluation was carried out in collaboration with the engineer, the geolo- 
gist, the architect, the contractor and museum owner. This dynamic design system made 
it possible to bring out details, such as so-called ripple marks, that would have been lost 
with a previously fixed geometry. A good example can be seen in the Figure 10. This 
process is very different from classic tunnelling, where the main goal is to achieve the 
highest possible speed while using as few resources as possible to ensure work safety. In 
the course of time, all the parties involved, especially the contractor, have become famil- 
iar with this working methodology, so that an excellent result could be achieved. 

The preparation and management of the contract with the enterprise was crucial, as it is 
essential to establish these processes from the beginning in order to not run into schedule and 
cost problems during the work unprepared. 


Figure 10. Ripple marks found “accidentally” during tunnel excavation (credit: https://gletschergarten.ch). 


6 CONCLUSIONS 


The high architectural and museum requirements of the project presented a major challenge in 
design and construction. In terms of tunneling, we aimed to leave most of the tunnel surfaces 
as “naturally undisturbed” as possible (i.e. without manmade rock support). Due to dynamic 
design, which was continuously adapted to the geological conditions found on site, only about 
20 rock bolts were necessary. Thanks to the hand in hand cooperation of all the involved par- 
ties, we were able to achieve a very good result, offering the visitors the desired “journey 
through space and time right into the middle of a petrified seashore, where the stone begins to 
tell you about its history and reveal its secrets“. 
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Study of a large opening in a retaining wall by a TBM: 
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ABSTRACT: This paper analyses the effects of large opening realization on the under- 
ground structures and those effects on the neighboring constructions. Firstly, the meaning of 
a large opening in a retaining wall have been defined and qualified with regard to soil and 
structural considerations. Secondly, the consequences of the opening on the diaphragm wall/ 
soil interaction have been studied to define a simplified calculation approach adapted to this 
issue. This study focuses on the breaking through of the TBM and its effects of the station 
retaining wall in a dense urban context. 


Keywords: Large opening, Ground-structure interaction, TBM break through, Retaining 
wall, Ground settlement, Dense urban context 


1 INTRODUCTION 


Most underground infrastructures, especially those for transportation, need to be connected 
to each other (e.g. tunnel-station). This requires the creation of openings. An opening is char- 
acterized as large when its creation affects the overall behavior of the structure, from 
a structural or soil perspective. It is wise to look for calculation procedures which evaluate 
reliably these impacts without developing complex models. The soil-structure interaction links 
together the phenomena caused by the opening. They will be dissociated as follows: 

From a structural perspective, the distribution of plane stresses will be strongly modified 
around the large opening and the static scheme of the diaphragm wall will be modified, hence 
the global behavior of the structure is affected. 

Regarding the ground, the opening of the retaining wall causes soil deconfinement, which 
tends to increase surface settlements. For urban projects, this can impact the existing neigh- 
boring buildings. Moreover the modifications of the soil stress impact the equilibrium of the 
soil-structure system. The active/passive earth pressure evolves and impacts the internal forces 
of the retaining wall. This should also be taken into account in the design of the framework. 

The study is based on the example of a rectangular station on a Grand Paris Express line. 
The Tunnel Boring Machine (TBM) break through the short side. The phasing corresponds to 
the bottom-up construction method. The ground presents the geology of the Paris basin. For 
the sake of generalization and simplification of the subject, groundwater has been excluded 
from this study. 
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2 CONSEQUENCES OF THE OPENING ON THE SOIL 


2.1 Limit state approach: Coulomb model 


This approach is a limit state calculation of a soil massif collapse, using the Coulomb formula. 
The retaining wall is supposed to be non-deformable, and it has an opening. Two rupture 
fronts are considered, inclined of a and £ from the vertical. The mechanical equilibrium equa- 
tions for the soil column and the coulomb corner result in the following expression. 


_ y(iBtan(p) + Ë tan(a) + Zchgtan(p)) — chy , y(Ze+'3)hgtan(B) — chy 
B tan(a + p) i tan(B + ~) (1) 
— ch, tan(a) — chytan(B) 


Pi 


with y the soil weight density, c the soil cohesion, y the soil internal friction angle, Ze the 
height of cover, D the opening diameter with h, + hy = D. The signs of the forces (positive/ 
negative) respect the direction of the arrows on the diagram below. 


cosenaae 8 = 35 
@ maximum 


Pı: reaction (MN/m) 


0 20 40 60 80 


a: angle (°) 


Figure 1. Force scheme and evolution of the support force Pı with a and £ angles of the fracture fronts. 


If for all values of (a, £), Pı is negative, then the opening is viable. It is necessary to determine 
for which values (ao, £o), Pı is maximum. These are the inclinations of the rupture fronts. 
A parametric study, by numerical application of the preceding formulas, has established that 
the value (ao, pọ) is independent of the parameters c, y, D, Ze. Only the friction angle ọ influ- 
ences the inclination of the fracture fronts. For each tested value of p between 5° and 45°, P is 
maximal for a = fy) = 2/4 — vp/2. It gives a first distinction between a small and a large open- 
ing: beyond the size of Dmax, the stability of the soil mass is not assured (P; > 0). 


Pı (ao, o) = yD (5 + z.) tan? G — 2) — 2cDtan G = Z) (2) 


By applying these results to the studied station, it appears that no opening diameter is viable. 
This result is neither realistic nor representative of the physical reality. This approach contains 
important limits: the soil and the structure are modeled by undeformable elements. It prevents 
the representation of the soil behaviour (vaulting effect, confining effect, soil-structure inter- 
action) which would allow a larger opening in the retaining wall. Therefore it is necessary to 
model the behaviour of the soil and the structure in the most realistic way possible. 


2.2 Effects of the opening with the Subgrade Reaction Method (SRM) 


The SRM is a 1D calculation method, detailed by Monaco (2004) and Varun (2012). 
A continuous hyperstatic beam (the support) is in equilibrium with unconnected, horizontal, 
elasto-plastic springs (the soil). The calculation, realized with Rido software, follows phase by 
phase the sequence of works, because they condition the internal forces particularly due to the 
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irreversibility of the soil behaviour and the incidence of the geometry during the operations 
(installation of struts and preloading). The earth pressure (Figure 2) on the wall varies slightly 
with the variation of the support reactions (Slab S1 and S2). It is mainly affected by the open- 
ing. Operating as a cantilever beam increases the displacements towards the ground due to the 
pre-stressed struts and therefore increases the earth pressure. The variation of internal forces 
of the retaining wall will be studied in the structure section. 
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Figure 2. Influence of the opening on the soil/structure system of the studied station. 
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Figure 3. Meshing of the FEM, opening in the right short side, with the supporting pressure applied. 


2.3 Effects of the opening with the Finite Element Method (FEM) 


The finite element soil-structure interaction model is based on the modeling of soil as 
a continuous medium with advanced behavior laws and failure criteria. The retaining walls are 
modeled as plate or beam elements. The Hardening Soil Model (HSM) will be used. In this 
study, the parameter 7n is set at 0, hence the material stiffness is independent of the stress level. 

Several FEM models are produced with Plaxis 2D software, varying the size of the opening 
from 0.5m to 9.5m. In order to ensure the convergence of the model, a support pressure is 
applied in front of the opening. At first it is exactly opposed to the earth pressure, then it is 
reduced as much as possible (Pmin). This provides us a classification of the opening size D with 
respect to the soil: below 5.5m the support pressure reach the zero value. Between 6m and 7m, 
the support pressure is reduced to approximately 10kPa. For the size of the real opening 
(D=9.5m) the support pressure reaches the minimum value of 40kPa. 

Opening the diaphragm wall causes a local rearrangement of the stress state in the soil: the 
directions of the principal stresses (Figure 4) show a vault effect. As described by Masrouri 
(1986), discharge arcs are formed in the direction of the strut bed and the concrete base (rigid 
supports), relieving the stresses in the surrounding soil. This soil deconfinement appears in the 
FEM model before the opening (Figure 2) and is accentuated when the opening is completed. 

Despite the vault effect, a settling trough appears behind the support, it increases with the 
size of the opening. We study the evolution of the ratio of the maximum settlement with/ 
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without opening. From D=4m to 7m, this ratio seems to increase linearly. The settlement 
obtained for an opening of D=9.5m agrees with this trend, with a ratio of 2.5. This situation 
could be further aggravated by adding the water table. 
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Figure 4. Direction of the principal stress with (right) or without (left) the execution of the opening. 
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Figure 5. Evolution of the maximal settlement Figure 6. Evolution of the settling trough with the 
with the opening diameter. opening diameter. 


The settlement due to the opening is to be added to the settlement due to the TBM leaving 
the station, breaking in the soil. In the worst case, when the TBM breaks through the soft eye, 
voids are created, the front pressure cannot be applied properly. The soil behind the soft eye 
experiences deconfinement, causing surface settlement. On the contrary, when the TBM enters 
the station, the tunnel concrete segments can be considered as isolating the ground from the 
soft eye opening. There is then no direct effect of the opening on the soil. However, through 
soil-structure interaction, the earth pressure can be affected. 


3 CONSEQUENCES OF THE OPENING ON THE STRUCTURE BEHAVIOUR 


3.1 Study of the out-of-plane bending - evolution of static scheme 


Diaphragm walls subjected to the load of the earth pressure show a bending beam behavior, 
whose opening changes the static scheme: number and lengths of the spans, cantilever beam. 
Under constant loading, this modifies the internal forces. 

The study of a unitary case allows to highlight this phenomenon. Two static schemes are 
studied: a 5-spans beam (before opening) and a 3-spans beam (from slab SO to Ist level strut, 
above the opening) simply supported are compared (Figure 7). The diagrams show major dif- 
ferences in internal forces, the span above the opening is the most impacted. It concerns the 
moment on support and the moment at mid-span. The support reactions also increases, affect- 
ing the shear force values upwards. This indicates a strongly impacted structural behaviour of 
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the retaining wall. This consequences must be taken into account in the design of the frame- 
work by providing for flexural reinforcement (increase in reinforcement steel and/or concrete 
section) for the concerned spans. 
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Figure 7. Static scheme evolution under uniform load. 
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Figure 8. Internal forces diagrams before and after opening realization, results for the studied station. 


The beam model is then adapted to reproduce the characteristics of the station (section of 
diaphragm wall is 1.8m, height between floors, stiffness of the slabs and struts) after the real- 
ization of opening. The load is equal to the earth pressure against the retaining wall before the 
opening, in order to focus only on the effects on the change of static scheme. Different phases 
with different static schemes are studied: 


e (a) just after the opening when the pre-stressed struts are in place, 
e (b) the S3 slab is poured and the struts are removed, 
e (c) the concrete of the slabs and walls reaches its long-term characteristics. 


The associated results are listed under the name “FEM-1D” on Figure 8. Again the span 
above the opening is the heavily affected with an increase of 66% in the mid-span bending 
moment and 57% in the shear force. This clearly shows that the creation of an opening in 
a retaining wall impacts the overall behavior of the infrastructure. The opening can amply be 
considered as “large”. 

By changing the static scheme of the diaphragm wall, its horizontal deformations evolve. 
Through the soil-structure interaction, a new equilibrium is reached, resulting in new internal 
forces in the structure, supporting the new earth pressure value. This has been approximated 
by SRM and FEM-HSM calculations. All internal forces diagrams obtained after opening 
will be superimposed (Figure 8). By comparing them to the force envelopes before opening, 
the areas to be structurally reinforced are highlighted. 


515 


For instance, in a section of 1.8m, the maximal bending moment after opening (M5;,5=1.56 
MN mim Murzs-2.11 MN.mmı) is balanced by a steel section of 60cm? (SLS and ULS consider- 
ations), resulting in a maximum compressive stress of c4Y = 8 MPa. 


3.2 Disturbance of plane stresses around the opening 


3.2.1 Analytical approach - infinite plate 


Figure 9. Infinite plate with aperture, schematics and notations. 


The distribution of plane stresses in a plate will be strongly disturb around a large opening. 
This subject can first be studied analytically. For an infinite plate loaded in the x (horizontal) 
and y (vertical) directions, with a circular opening of radius R, the stress field in the plate is 
described by the equations below (Equation 3). 

Particularly at the edge of the aperture (r = R), the orthoradial stress exhibits stress peaks 
(Eq. 4). Depending on the loading conditions, these stresses can result in tension or compres- 
sion of the structure. It is necessary to plan reinforcements accordingly: increase of the section 
to take an excess of compression or increase of the reinforcement to take traction. 


o. 


pp = BS (1 — 8) HE1 — 4B c05(28) 
oF. ae 
oo = al 


a 
1+) a % (14 38") cos(20) (3) 
Org = _ es » (1 + 2 28) sin(20) 


o? 


cølR,0 =0 or x) = 3oy —o,, 699(R,0 = +2/2) = 30%. — Oy (4) 

These results are valid for an infinite and elastic plate. The panels composing a diaphragm 
wall are maintained in contact by the compression of the earth pressure, allowing the wall to 
be considered as a continuous plate: the elastic forces can be supported by the reinforced con- 
crete. In reality, however, the dimensions are limited, and the peripheral boundary condition 
vary the stress field. These effects are all the more important as the opening is large compared 
to the dimensions of the opened wall, here the width of the short side. 


3.2.2 FEM approach - plate with finite dimensions 

A 2D finite element model is produced, using the real proportions of the short side of the sta- 
tion: height (H) of 47m, width (L) of 25m (i.e. approximately H=2L). The opening (approxi- 
mately in its center) varies in diameter from 5m to 19m. The plate is subjected to a unitary 
horizontal compression. For each diameter, the evolution of plane stresses o,, and ogg is stud- 
ied at 0 = 0 and 0 = 2/2, moving away from the edge of the opening. 

The increase in the D/L ratio enhances the stress concentration peaks at the edge of the 
opening. This is visible for ogg(r = R): the excess is significant as soon as D/L = 0.26 in com- 
pression (9 = z/2) and in tension (0 = 0). This provides a definition of a large opening regard- 
ing plane stress state of the structure. Moving away from the edge of the opening, the stresses 
Or converge well towards the values of loads applied at the ends of the plate 
(—1 MPaat, 0 Mpaat 0 = z/2). On the contrary, the constraints ogg diverge (Figure 10). 
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Figure 10. Evolution of plane stresses in a finite plate, results for 9 = 0, for unitary horizontal compression. 


Indeed, when the opening is large enough (D/L > 0.5), the plate works more as a bending 
beam embedded on both sides of the opening. At 0 = 0, this phenomenon brings more traction to 
the edge of the opening and compression at the edge of the plate (Figure 10). The reinforcement 
must be adapted to this moment. This phenomenon also appears for a vertical compression load- 
ing. This gives a definition of a very large opening regarding plane behaviour of the structure. 

NB: The moment taken up by the pseudo-embeds at the ends of the beam is transmitted to 
the rest of the plate: at 0 = 2/2 the same phenomenon appears. Here the inertia of the beam/ 
wall makes the bending less inconvenient. 


3.2.3 FEM approach - full station 

The state of vertical and horizontal compression of the short sides wall must be determined. 
The long sides under the effect of the earth pressure compress the short sides in the horizontal 
direction. The loads from the slabs vertically compress the diaphragm walls. The distribution 
of these forces depends on the relative stiffness of the elements. These loads define the state of 
stress of the short side wall, which is then disturbed by the opening: peaks appear. These 
peaks are added to the stresses caused by the bending moments of the short side: tensioned/ 
compressed face. It should be verified that the sum of the compressive stresses is acceptable by 
the concrete, or to provide adequate reinforcement. 

The station is modeled by 2D elements for diaphragm walls and the slabs (S0,S1,S2). The 
short sides are drilled, the struts are prestressed, the slab-wall and wall-wall connections are 
rotated. The slabs are subjected to site loads, the long sides are subjected to the earth pressure 
(without opening). 

For phases after the creation of the opening: (a), (b) and (c), defined in §3.1, the short sides 
are mainly in compression (ø <0), in both directions. The maximum off-peak tension value is 
permissible at the ULS by the concrete. For safety reasons, the maximum compression values 
will be considered. The plane compression value (¢¥45 = 5 MPa) is added to the compression 
of the concrete in flexion («45 = 8 MPa). This result represents a 60% increase in compression. 
In which case the value is still admissible by the concrete, thanks to the large section of the cast 
walls. However, this is an important concern in the general case. If necessary, an increase in wall 
thickness can be considered (e.g. lintel). In the case of a different stress state, leading to the 
appearance of tensile peaks, the reinforcement cages of the diaphragm wall must be adapted. 

In this example, there is no significant moment that develops in the plane of the wall 
around the opening (as described in §3.2.2). Indeed D/L = 0.4 < 0.5 and the connection with 
long sides and slabs can limit this phenomenon. 
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Figure 11. FEM Model of the station, results for phase (a): after the opening with the strut level, ULS. 


4 CONCLUSION 


This study allowed to define a classification of the openings according to the considered issues. 

Theoretical studies (analytical calculations and elementary case studies) allowed to highlight 
the phenomena induced by the realization of a large opening and the conditions of appear- 
ances. These results can be generalized to the different geometries of structures: rectangular 
box-station, circular wells, bi-lobe or tri-lobe station, etc. 

Each of the observed consequences could be quantified for the case of the studied station. 
Some consequences appeared to be predominant and require particular attention during the 
design (e.g. ground settlement, bending of the support). If final results can’t be generalized, 
the evaluation method and design consequences can. These methods rely on separate and sim- 
plified approaches, avoiding a generalized 3D soil-structure model. 
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ABSTRACT: The Regional Connector Transit Corridor (RCTC) Project is a $1.9B 
design-build project currently under construction by the Los Angeles County Metropolitan 
Transportation Authority (Metro). The light rail subway project comprises major under- 
ground elements, including Metro’s first mined rail crossover cavern, which is horseshoe 
shaped, 56-ft (17-m) wide by 34-ft (10.4-m) high and nearly 300-ft (91.4-m) long. Located in 
one of the most active seismic regions of the world, the cavern structure underwent compre- 
hensive seismic design to comply with rigorous seismic design criteria and other design 
requirements. The construction of the cavern structure was substantially completed in 2020. 
For the seismic design of the cavern structure, a fully-coupled dynamic time history analysis 
was performed using FLAC models. During the course of the dynamic analysis, the influ- 
ence of the initial lining on the dynamic performance of the final lining was particularly 
evaluated. The numerical model was also used for a sensitivity analysis to assess the impact 
of different bonding conditions between the initial and final linings during a seismic event. 
The analysis incorporated stiffness, material properties, inertial effects, and dynamic behav- 
ior of the initial lining and the interface between initial and final linings. The analysis and 
results are discussed in this paper. 


1 INTRODUCTION 


In Los Angeles County, California, four light rail lines (A, C, E, and L Lines) and two 
heavy rail lines (B and D Lines) are currently in operation for Metro transit system. These 
transit lines have focused on connecting downtown Los Angeles to outer regions, whereas 
the Regional Connector Transit Corridor (RCTC) project was planned to improve mobility 
within downtown Los Angeles. Although relatively short in length, the RCTC project pro- 
vides a major improvement to the regional transit system as it links Metro’s existing light 
rail system, connecting northeast and southwest regions of Los Angeles County. Upon com- 
pletion, it will provide long-range one-seat rides between cities of Long Beach and Santa 
Monica to the Inland Empire and East Los Angeles regions. The project consists of twin 
bore tunnels, cut-and-cover box tunnels, three underground stations constructed by Cut-and 
-Cover Method, and a crossover cavern constructed by Sequential Excavation Method 
(SEM). In earlier phases, the crossover was planned to be constructed by the cut-and-cover 
method as usual in Metro’s practice. However, the adjacent buildings include basements 
that extend under the street into the cut-and-cover footprint thus the crossover structure 
would be difficult to construct by the typical cut-and-cover excavation without extraordin- 
ary means and more community impact. After evaluating the feasibility of other methods 
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considering ground characterization and history of large size tunnels in Los Angeles such as 
the 24 Street, 3rd Street, and Figueroa Street tunnels, construction by the SEM approach 
was adopted. 

The large-size crossover cavern by SEM was the first of its kind for Metro. The 
cavern was excavated from the adjacent station excavation. The SEM excavation began 
with two side drifts enlarging the bored tunnels; the center drift was excavated in top 
heading, bench, and invert; then the temporary center walls were removed. The initial 
support system consists of lattice girders and 12-in (30.5-cm) thick synthetic fiber 
reinforced shotcrete lining. The final structure, constructed with reinforced cast-in-place 
concrete, accommodates a No.8 double crossover track, ventilation plenum supported on 
corbels, center walls, and two walkways on the sides. The excavation and final structure 
installation was completed in July 2020. Figure 1 shows the typical crossover section 
with center wall, and Figure 2 shows the crossover cavern during excavation and after 
substantial completion. 


Figure 1. Typical crossover cavern section. 


Figure 2. Crossover cavern (Left) during excavation, (Right) after substantial completion. 
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For design of the final cavern structure, numerical analysis was employed using FLAC2D, an 
explicit finite-difference software for two-dimensional (2D) plain-strain soil-structure interaction 
models, complying with Metro Rail Design Criteria (MRDC); the semi-closed form solution as 
described in MRDC was not considered because of complexity of the section geometry and the 
three-dimensional (3D) analysis was not considered necessary for the seismic design. For seismic 
design of the cavern, a fully-coupled dynamic time history analysis was performed and compared 
to the initial 2-dimensional pseudo-static soil-structure interaction analysis that was performed 
earlier with FLAC2D, applying the maximum free-field displacement response that was calcu- 
lated by a dynamic time history one-dimensional soil column analysis for the design earthquakes. 
The maximum free-field shear displacement responses at the cavern elevation obtained were 
applied as monotonically increasing static displacement at the vertical boundaries of the ground- 
structure interaction model to obtain the structural response of the cavern lining. No fault rup- 
ture was considered since the project does not cross an active fault. Also, during the seismic ana- 
lysis, a concern of the initial lining influencing the final lining response was raised. While initial 
supports were assumed to be completely degraded after installation of the final lining, the robust 
initial lining was considered potentially affecting the load conditions and behavior of the final 
lining during a seismic event. The initial lining was then included in the numerical model simulat- 
ing the interaction among the initial, final linings, and surrounding ground. Not only the behav- 
ior of the initial lining but also its interface with the final lining was simulated to evaluate 
significance of the initial lining on performance of the final lining during seismic events. 

Fire hazard often is another concern following a seismic event. A cavern fire was checked as 
required by MRDC for the final lining design. The additional loads due to thermal expansion 
of the lining and the loss of tunnel lining material with restraint of the surrounding ground 
during a fire event following the 500°C (932°F) Isotherm Method were considered and deter- 
mined to not result in loss of structural integrity of the SEM cavern permanent structure, and 
therefore the design was adequate without special accommodation for fire. The fire protection 
design is not discussed further in this paper. 


2 MODEL DESCRIPTIONS 


The dynamic model was developed from existing models used for static analysis. An initial 
check of the model grid size and density and its adequacy for dynamic analysis was performed 
to assure accurate wave propagation. The criteria for this assessment were recommended by 
Itasca (FLAC 2011), whereby the grid point spacing should be smaller than one-tenth the 
wavelength associated with highest frequency component of the input motions. The model 
ranged from the ground surface to a depth of 163-ft (49.7-m). The clearance between lower 
boundary of the model and bottom of the cavern excavation was 78.5-ft (23.9-m), approxi- 
mately two times the cavern height. Figure 3 shows the model geometry and a focused view 
with the interior structure. 
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Figure 3. (Left) FLAC model, (Right) Focused view on the cavern lining and plenum structure. 
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2.1 Soil profile and geotechnical parameters 


The ground conditions in longitudinal direction of the cavern were relatively homogeneous, 
Figure 4 summarizes soil layers and parameters considered in the analysis. 


GEOTECHNICAL PARAMETERS 
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Figure 4. Ground conditions. 


Shear modulus reduction and damping during the seismic event were considered in the ana- 
lysis. The Fill and Alluvium units used the Seed & Idriss (1970) Sand Mean model. The Tf 
(Fernando formation) unit used the Darendeli (2001) model with the plasticity index set to 20 
and an overconsolidation ratio set to 5. Also, a value of Rayleigh damping of 0.2% was con- 
sidered in the model. 


2.2 Ground motions and boundary conditions 


For seismic design, MRDC requires the two-level ground motion approach. Operating Design 
Earthquake (ODE) is defined as a 50% probability of exceedance in 100 years (corresponding 
return period of 150 years). The structure should respond in an elastic manner, and the system 
should be back in service immediately after a post-earthquake inspection. Maximum Design 
Earthquake (MDE) is defined as a 4% probability of exceedance in 100 years (corresponding 
return period of 2,475 years). Inspection and some repair works are permitted following the 
seismic event. The structure is acceptable to have an inelastic response as long as providing 
adequate strength and ductility to prevent collapse and control damages for repair. 

For the fully-coupled dynamic model, horizontal ground motion time histories for an outcrop- 
ping of materials at a depth of 145-ft (44.2-m) were developed by matching acceleration response 
spectra of previously recorded seed motions to the target spectra established for ODE and MDE. 
The three recorded seed motions were 1989 Loma Prieta Earthquake (Mw=6.93), 1992 Cape 
Mendocino Earthquake (Mw=7.01), and 1995 Kobe Earthquake (Mw=6.90). The matched hori- 
zontal ground motion time histories are shown for the MDE and ODE events in Figure 5. 

The spectral-matched horizontal ground motions were then adopted as ground motions at 
the base of model which was 18-ft (5.5-m) deeper but in similar ground conditions and applied 
in stress time history formats along the base of model with energy absorbing vertical boundar- 
ies on both sides of the model. These vertical boundaries were modeled as free-field boundar- 
ies to eliminate wave reflections. A compliant base simulated ground motions and a quiet 
(viscous) boundary was applied to the bottom of the model to absorb incident waves. Seismic 
demands due to vertical ground motions were applied with a pseudo-static approach, as 
defined in MRDC, considering a load equivalent to the product of the vertical seismic coeffi- 
cient and the combined dead and design overburden loads used in static design. The vertical 
seismic coefficient could be reasonably assumed to be two-thirds of the design peak horizontal 
acceleration divided by gravity. 
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Figure 5. Matched horizontal ground motion time histories for ODE and MDE. 


2.3 Structural elements 


The final lining was modeled with structural elements that account for non-linear ductile 
behavior through the formation of plastic hinges, which was allowed for MDE design by 
MRDC. Under ODE, the final lining shall respond in an elastic manner. During model cycles, 
axial forces and moments in the structural elements are compared to the corresponding ultim- 
ate capacity. When a node reaches the ultimate capacity, a “fracture” flag is set, indicating 
that all future evaluations for that node will use the residual strength capacity; the calculation 
continues effectively redistributing the loads to the adjacent liners. The final lining was also 
modeled with cracked section moments of inertia, in agreement with MRDC, Caltrans (2013) 
and Hashash (2001). The final stage of the static model was used to obtain a realistic stiffness 
of the final lining, with results varying between 30% and 45% of the gross inertia. Also, in 
terms of structural capacity, Section 3.2 of Caltrans (2013) indicates expected material proper- 
ties may be used to obtain a more realistic capacity of concrete members to resist all seismic 
demands (except shear). 

The initial lining was modeled with liner structural elements attached to both ground and 
final liner with interfaces, with the possibility to form plastic hinges in case the maximum cap- 
acity of the liner under combined axial and bending loads was reached. The initial lining’s 
influence on the dynamic performance of the final lining was evaluated as a sensitivity analysis 
to assess the impact of different bonding conditions between the initial and final linings 
during a seismic event. 


2.4 Interfaces 


Interface property was defined to model the interaction between the final lining and initial 
lining (intact or degraded). A parametric study was conducted considering three different 
scenarios of the interface between initial and final linings. All scenarios assumed the same 
shear and normal stiffnesses, assumed a zero cohesion, but differentiated the angle of friction 
in three values: 6=10° for lower bound (intact or degraded initial lining), 6=30° for intermedi- 
ate case (degraded initial lining), and 6=45° for upper bound (intact initial lining). The lower 
bound was considered the most probable scenario to simulate the interface between final and 
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initial lining due to the presence of the High-Density Polyethylene (HDPE) membrane for the 
water/gas-proofing. The upper bound with intact initial lining would represent a concrete-to- 
concrete contact. The intermediate case was considered because the SEM excavation and sup- 
port profile would not be ideally smooth; the geometric irregularities might lead to some 
degree of interlock between initial and final lining. This effect could be limited by the waviness 
criteria required for construction of the initial lining. 


2.5 Model stages 


For the fully-coupled dynamic models in which the initial lining was considered completely 
degraded, the dynamic model was developed after full degradation of the initial lining was pro- 
cessed in the model with all ground loads transferred to the final lining. Degradation of the ini- 
tial lining was simulated starting from the last construction stage of the static case by applying 
several point loads throughout the perimeter of the final lining to create unbalanced forces, then 
incrementally reducing a) the point loads, b) the initial lining elastic properties, and c) the initial 
lining thickness in stages. Following this process, the initial lining was completely removed. 
Then, the model was stepped to equilibrium and advanced to the dynamic analysis. 

For the cases in which the initial lining was considered intact when the seismic event occurs, 
the initial lining degradation process was skipped therefore there was no ground load transfer 
to the final lining. Then, the model was advanced to the dynamic analysis. 

All dynamic models performed start from the final stage of the SEM static models, in which 
the initial and all construction stages were included. For the initial stage, the existing buildings 
around the cavern were modeled as excavations and surcharges to the foundation level. The 
existing storm drain was explicitly modeled in two stages (excavation with partial ground 
relaxation and final lining placement with full relaxation). Ground displacements in later 
stages were considered for the buildings and storm drain damage assessment. The following 
model stages were tracked for the dynamic analyses: 


e Restore final stage of initial lining from the static analysis. 

e Install final lining and structural interface. Step to equilibrium. 

e Simulate degradation of the initial lining as applicable (base case) 

e Apply water pressures around the final lining perimeter. 

e Apply additional loads for Extreme Event load combination. 

e Define tables for liner moment-thrust (M-T) interaction diagrams and define hysteretic 
damping curves for all zones. Step to equilibrium. 

e Set boundary conditions for the dynamic analysis. Apply pseudo-static vertical loads to 
final lining. Input horizontal seismic ground motions for the seismic event. Run dynamic 
time-history simulation. 


3 MODEL RESULTS 


The horizontal displacement of the center cavern nodes in crown and invert was tracked 
during both pseudo-static and fully-coupled seismic analyses. The relative horizontal displace- 
ment of these nodes was compared for each case against the corresponding free-field one- 
dimensional analysis results (relative displacement at same elevation) for the same ground 
motion. Peak differential displacement obtained by the free-field one-dimensional analysis 
ranged between 0.8-in (20.3-mm) and 1.0-in (25.4-mm), whereas the dynamic model free-field 
boundary displacements obtained were between 0.7-in (17.8-mm) and 0.8-in (20.3-mm). 
Cavern differential displacements observed in the fully-coupled time history dynamic models 
peaked between 1.4-in (35.6-mm) and 1.6-in (40.6-mm) at specific instances during model cyc- 
ling. This agreed with the pseudo-static analysis performed, in which the horizontal differen- 
tial displacement between crown and invert was also higher for the pseudo-static model than 
for the 1D free-field model. The difference between the pseudo-static (1.6- to 2.0-in or 40.6- to 
50.8-mm) and the free-field 1D displacements (0.8- to 1.0-in or 20.3- to 25.4-mm) might have 
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been attributed to the ground perforation with cavern excavation and the flexibility of walls 
and crown compared with the rigidity of the invert. 

The internal loads of the final and initial lining were tracked throughout the dynamic ana- 
lysis. From these time histories, minimum and maximum moment, thrust, and shear values 
were obtained for each structural node. Figures 6, 7, and 8 depict internal load plots of final 
lining at MDE for moment, thrust, and shear, respectively. 
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Figure 6. Internal load plot - moment. 


Figure 7. Internal load plot - thrust. (Refer to Figure 4 for legends.). 


Figure 8. Internal load plot shear. (Refer to Figure 6 for legends.). 
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As shown on the internal load plots (Figures 6, 7, and 8), the static load combination (Strength 
and Service cases) governed the design of the cavern invert whereas the seismic case provided the 
governing internal loads in the crown and the invert to wall interface. Furthermore, the dynamic 
cases considering initial lining returned the critical design loads within the crown and walls. That 
is, there was no single load case or type of analysis (static, pseudo-static or dynamic) that gov- 
erned the design of the final lining. Yet, depending on the location, different scenarios provided 
the worst condition for the reinforcement design. The interface friction assumption (@=10° and 
45° for lower and upper bounds) did not have significant impacts on the results obtained. The 
resulting final lining reinforcement consisted of No.5 bars at 12-in (30.5-cm) in both faces in 
crown and walls and No. 9 bars at 6-in (15.2-cm) and No. 8 bars at 12-in (30.5-cm) in top and 
bottom of the invert, respectively. At the interface between walls and invert, the reinforcement 
was No. 8 bars at 6-in (15.2-cm) in both sides. Shear ties were required at the wall-invert inter- 
faces and the connections of plenum slab and center walls. Figure 9 shows an interaction dia- 
gram for a group of selected nodes where a plastic hinge is formed in the final lining under MDE 
for the case of the initial and final linings undergoing the seismic event together. 
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Figure 9. Example of M-T interaction diagram at plastic hinge formed in tunnel lining. 


For those cases assessed where the initial lining was considered degraded, no plastic hinges 
were formed in the final lining under MDE or ODE events. For the cases with intact initial 
lining, MDE results showed plastic hinge formation in the final lining at specific locations with 
higher bending moments and lower thrusts than for the degraded initial lining cases. This 
response is due to the initial lining thrust load sharing, that results in a reduction of the benefi- 
cial impact of thrust on the final lining sections. On the cases including the initial lining, exten- 
sive yielding during the seismic event occurred on the initial lining. The model did not simulate 
the potential for rupture of the structural sections on the post-yielding state due to excessive 
curvature. It was recognized that even in the case of the initial lining suffering extensive crack- 
ing, it would keep supporting some level of thrust due to ground and final lining confinement. 
It was interpreted that under the 2,475-year event the initial lining would have a limited flex- 
ural capacity close to intact axial capacity and would partially transfer loads to the final lining. 


4 CONCLUSION 


Located in one of the most active seismic regions in the world, the RCTC’s large size crossover 
cavern underwent comprehensive seismic design analysis using a commercially available 
numerical analysis program. The seismic analysis was initially performed by pseudo-static 
numerical analysis; however, a concern of influence of initial lining on the final lining of the 
cavern during ODE and MDE events led to needs for the fully-coupled 2-dimensional seismic 
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time history numerical models to check the significance of the initial lining on seismic per- 
formance of the final lining. The internal forces of the final lining were evaluated for multiple 
cases including static cases, seismic cases with pseudo-static seismic modeling approach, and 
seismic cases with or without considering initial lining varying the initial-to-final lining inter- 
face property. The result showed the critical load case and the critical type of analysis vary 
depending on the location within the final lining; the static case governed the invert design, 
and the seismic case governed the crown and wall design for the crossover cavern. Also, the 
result showed the presence of the initial lining would have a significant impact on the seismic 
performance of the final lining, due mainly to the attraction of axial loads to the initial lining 
that reduced the beneficial effect of thrust on the final lining. For those cases with no initial 
lining considered, no plastic hinges were formed under ODE or MDE events. The consider- 
ation of the initial lining in the analysis resulted in higher bending moments and lower thrusts 
at specific locations in the final lining, which led to the formation of plastic hinges. As the 
study concluded, it was confirmed that minimum and maximum internal loads obtained from 
the dynamic analysis followed the trend of the pseudo-static model but turned out to be 
higher in several locations and that the final lining reinforcement initially designed with 
a pseudo-static analysis was conservative enough to address the load sharing impacts of the 
initial lining on the final lining during ODE and MDE events. The initial lining to final lining 
interface friction various assumptions did not have a significant impact on the results 
obtained. 
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ABSTRACT: Complex underground infrastructure projects frequently require, especially in 
dense urban areas, the need to build concurrently various elements of different nature, in very 
reduced spaces. It is critical to determine the type of structure, geometry and construction 
sequence in order to optimise the design as well as to procure a safe and practical construc- 
tion, minimizing risks. This paper aims to establish a preliminary design approach, for under- 
ground works in close proximity to deep foundations, that considers the construction 
sequence as the key element to assess and derive the optimal method of construction. For this 
purpose, a simplified systematic strategy, including flow charts, is proposed. Throughout this 
procedure, potential geotechnical and structural risks associated with the different construc- 
tion options considered are identified and discussed. This paper is based on the theoretical 
case of a vent shaft asset construction, with high interaction effects due to the proximity of its 
various elements, such as, the shaft itself, the ventilation tunnels (adits), the line tunnels and 
the headhouse building foundation. A vent shaft is a common infrastructure element within 
underground railway systems in dense urban environments, and its complexity arises from the 
number and nature of elements to be built in close proximity. To deal with these complexities 
is a common challenge on many underground infrastructure projects that are becoming more 
frequent due to urban space limitations. The paper describes potential problems related to the 
construction processes and proposes design strategies to evaluate them. 


1 INTRODUCTION 


The design of underground works is usually heavily influenced by a series of aspects and con- 
strains that can be divided in two different groups. On one side there are those imposed by 
external conditions (e.g., geology and hydrogeology, seismic conditions, site constraints, exist- 
ing utilities and buildings, etc.) or by the project requirements (e.g., space proofing, alignment 
limitations). For this first group, the designer often has little possibility to modify or act on 
them. On the other side, there are a group of design and construction aspects for which the 
designer has the freedom, therefore the responsibility, to refine them. The second group 
includes: the geometry, construction methodology/sequences, materials, depths, alignment 
tweaks, ground improvement, etc. 

A preliminary classification of the design determinants is presented in Table 1, where some 
of the most common design constraints and considerations are listed depending on their level 
of uncertainty and in relation to the possibility of change or refinement by the designer. 
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Table 1. Design constraints classification. 


Possibility to modify/Eligibility 


Level of 
uncertainty Unlikely/Not possible Possible Refinement by designer 
Low/Null Space proofing req. Site constraints (space) Geometry of excavation Type of 


Alignment req. Existing Construction programme structure Construction method 
buildings Topography (time) Construction costs Construction sequence Materials 
Ground improvement 
Medium Environmental impact Existing utilities (both on Not applicable 


Loading conditions surface and underground) 
Old foundations 
High Geology Groundwater Underground obstructions Not applicable 


In situ stresses 


It is therefore evident that there are a wide variety of factors that can have a significant 
influence on the design and construction of any underground structure and its associated 
elements. The analysis and discussions presented in this paper will be focused on studying and 
assessing multiple choices of construction sequence, while adhering to the problem’s defined 
geometry, the type of structure and the ground conditions. 

In this sense, potential impacts and risks associated to each construction alternative are identi- 
fied, where a flow chart is included to schematically understand the interrelation between them. 

Finally, a risk assessment is presented where both the causes and the consequences of the 
risks are described. A qualitative estimation of the risk level (low to high) is performed. In add- 
ition, for each risk defined, potential mitigation strategies and design approaches are suggested. 


2 PROBLEM, GEOMETRY AND GROUND CONDITIONS 


It is becoming more frequent to construct complex infrastructure, with many elements, in con- 
strained spaces in dense urban areas where, normally, the availability of space is limited. This 
has a direct impact of increasing the interaction effects between the various elements to be 
constructed and with the nearby existing structures. These soil-structure interaction effects 
need to be taken into account to complete a comprehensive and effective design. 

To illustrate the idea, a particular theoretical case is considered, although, one that is rela- 
tively frequent in today’s transport tunnels (railway or roads). More specifically the case is 
focused on the interaction between a shaft and nearby piles, both part of the same under- 
ground infrastructure. 

In this particular case, all the analyses undertaken are based on the case of a vent shaft 
infrastructure, for which, specific soil-structure interaction models, using finite element ana- 
lysis software PLAXIS 2D and 3D, have been created. 

The geometries and range of dimensions for the main elements of the models used are gen- 
eric and have been adopted as typical dimensions for this type of infrastructure. The adopted 
dimensions are described as follows and the arrangement shown in Figure 1: 


1. Circular shaft: 20 m external diameter and 40 m deep shaft. Precast segmental lining is 
proposed for the top 10 m. Sprayed Concrete Lining (SCL), as a primary lining (PL), and 
cast-in-place (CIP) reinforced concrete, as secondary lining (SL), is assumed for the remain- 
ing 30 m. 

2. Ventilation tunnels: in the order of 6 m external diameter ventilation tunnel connected to 
the shaft, from which come up four additional branches (ventilation tunnels) 6 m external 
diameter each. Axis level of the ventilation tunnels is 22 m below ground level. 

3. Line tunnels: twin TBM tunnels 7 m external diameter, running underneath and connecting 
to the ventilation tunnels. 
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Figure 1. 3D PLAXIS soil-structure interaction model geometry. (A) Geometry without the piled slab. 
(B) & (C) Views of the geometry with the piled slab (Source: TYPSA). 


4. Piled slab (building foundation): in the order of 1 m diameter and 15 m long bored piles, 
spaced 3 m c-c, and connected to a | m thick base slab. These piles are located next to the 
shaft and right above the ventilation tunnels and TBM tunnels (Figure 1). 


In terms of ground conditions in the soil-structure interaction model, for simplicity, it has been 
assumed to be constructed in a single stratum in the model geometry, corresponding to a fine 
soil material (typically clay) with undrained and drained behavior for short-term and long-term 
scenarios respectively. In general terms, the more onerous the ground conditions are the higher 
the interaction effects produced. Therefore, most of the discussions and conclusions presented in 
this paper would be valid for other soft ground conditions (‘soft ground’ meaning soil). 


3 CONSTRUCTION SEQUENCE ALTERNATIVES 


3.1 Construction alternatives selection 


In such a complex infrastructure there are frequently multiple and different choices of con- 
struction sequence, which basically depend on the number of construction stages (i.e., number 
of elements to be constructed). In this case, five main construction items or stages have been 
considered: shaft construction, ventilation tunnels construction, TBM tunnels construction, 
piled slab construction and building construction (i.e., loading of piled slab). 

Different ordering of these construction phases may lead to multiple interaction effects of 
different nature. For the purpose of this paper the construction sequences considered are 
limited to three alternatives, which are presented in Table 2. 


Table 2. Construction sequence alternatives considered. 


Stage No. Alternative 1 Alternative 2 Alternative 3 

1 Shaft Pile construction Pile construction 
2 Vent. tunnels Shaft Pile loading 

3 TBM tunnels Vent. tunnels Shaft 

4 Pile construction TBM tunnels Vent. tunnels 

5 Pile loading Pile loading TBM tunnels 


Note: Pile construction means installed, but without external loading 


A schematic view of the construction alternatives is shown in a flow chart format in 
Figure 2. The different path options in this chart are based on some specific design con- 
straints, which are included in the form of yes-no questions (green rhombus). This makes the 
designer to be driven to a specific alternative. Each alternative brings along some potential 
effects and implications, which are introduced in this flow chart and will be further detailed 
and assessed in the following sections of this paper. 
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includes: 

- Shaft 

- Ventilation tunnels 

- TBM line tunnels 

- Building foundation (piles and slad) 
- Headhouse building 


EFFECTS 


FFECTS 


Figure 2. Construction alternatives flow chart. 


3.2 Main interaction effects 


Some of the main interaction effects based on the considered geometry are described in the 
following paragraphs, including discussion on potential design approaches to mitigate them. 
In order to get a better idea of the spatial interrelation of the different elements, Figure 3 
shows a schematic section of the geometry analysed. 


3.2.1 Pile-induced loads on tunnel lining 

When installing bored piles in close proximity to any underground structure (shaft, tunnel, 
etc.) one of the first effects to consider is the pile load transmission onto the tunnel lining. In 
this case, with a double shell lining (PL and SL), it needs to be assessed whether the secondary 
lining needs to be in place before the piles are loaded or, whether the primary lining can sup- 
port the full pile loads. 


3.2.2 Pile-induced lateral loads on shaft lining 

A vertical circular shaft usually works axi-symmetrically, with hoop forces increasing with depth 
and bending moments being not relevant. Piles located next to the shaft perimeter and subjected 
to lateral load, could potentially introduce unbalanced loads over the shaft lining. This can be 
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Figure 3. Section of the vent shaft infrastructure considered. 


particularly important on the shallower section of the shaft, where the pile lateral load (i.e., hori- 
zontal movement) is higher while the resistant bending moments are limited due to the low 
ground pressure (i.e., low hoop forces). This effect can be even more critical in precast segmental 
lined shafts, where a combination of low hoop forces and significant bending moments would 
end up with high load eccentricity values applied on the precast concrete rings with potential 
increase of section or additional reinforcement required. 


3.2.3 Tunnel-shaft-induced negative skin friction on piles 

A typical interaction, when putting together underground excavations and deep foundations, is 
the downdrag force generated in piles due to negative skin friction (NSF). The NSF is produced 
by the settlement of the surrounding soil as a consequence of the tunnel (or shaft) excavation. 
This situation is most critical when piles are installed in advance of the underground excavation, 
and this is the case for alternatives 2 and 3 described above. Specifically, the NSF is produced 
when the soil settlement is higher than the pile settlement. In this sense, variables such as the 
moment when the piles are loaded in relation to the other stages or, the long-term consolidation 
or heave behaviour experimented by some soils, gain importance in terms of defining the final 
design required for NSF for a pile element. 

In terms of tunnel-induced negative skin friction, the spacing between the piles is determin- 
ant by limiting the NSF length on the pile. This is because the soil settlement is not allowed to 
progress upwards due the screening effect caused by the surrounding piles. Therefore, the 
smaller the pile spacing is, the less the NSF effect over the piles. 
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Figure 4. Negative skin friction when tunnelling underneath piles (Ref. Figure B: ICE manual of geo- 
technical engineering). 
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3.2.4 Relaxation of piles surrounding soil due to underground excavation 

Another aspect to take into consideration is the potential relaxation of the soil surrounding the 
shaft, where the piles are being installed. When the shaft is excavated, inwards, vertical and, 
mostly, horizontal ground movements take place so there could be a loss of soil confinement in 
the radial direction surrounding the shaft. The closer to the shaft perimeter the piles are, 
the higher the soil relaxation on them. In this sense, there could be two different scenarios: (1) the 
piles being installed before the underground excavation, or (2) the piles installed after the 
excavation. 

In both cases, when a circular shaft is excavated, there is a field stress redistribution result- 
ing in a loss of ground confinement in the radial direction (considered s3), however, there 
could be a notable increase of confinement in the circumferential direction (considered s1), 
which could balance out, the radial decrease, in terms of soil confinement over the pile. There- 
fore, in order to assess the need to consider a reduced value for the friction of the pile due to 
soil relaxation, both effects (i.e., the confinement decrease and increase in different directions) 
should be estimated and analysed. 

Additionally, looking over the problem geometry studied in this paper, the impact of tun- 
nelling underneath and very close to the pile base level also needs to be checked. This is the 
case for alternatives 2 and 3 where the underground excavation is carried out once the piles 
are already installed. For unfavourable ground conditions (e.g., loose soil) and/or very short 
distances between tunnel crown and pile toe, whether to adjust the value of the pile base bear- 
ing resistance based on the expected ground disturbance, needs to be investigated. 


3.2.5 The role of the stiffness of the piled-slab system 

In cases where a piled slab is overlying a subsequent underground excavation, there will normally 
be a number of piles that will bear higher interaction effects (1.e., higher impacts) than others, and 
this will principally depend on their location in relation to elements excavated below. In this case, 
it is beneficial to consider the overall behaviour of the piled slab and not focus on individual piles 
which, probably, would not be able to develop the theoretical maximum pile capacity. 

In order to consider this overall behaviour, the stiffness of the slab tying all the piles 
becomes crucial, as the load not carried by the piles with a theoretical reduced capacity, will 
need to be redistributed to the neighbouring piles. The induced structural forces on the piles 
and slab due to these effects and to the adjacent ground movements, must be accounted for in 
the structural design. In this sense, a soil-structure interaction model is usually required in 
order to assess the entire structural behaviour. 


4 RISK ASSESSMENT AND MITIGATION MEASURES 

A risk assessment based on the problem geometry and construction alternatives presented in 
this paper is presented in the form of a risk matrix. A description of the hazards is included, 
the risks are classified in three different levels (high (H), medium (M), low (L)), and potential 


mitigation measures and design approaches are proposed. 


Table 3. Risk assessment matrix. 


Risk description Risk level 

(i.e., consequences of 
Hazard description the hazard) Likelihood Impact Risk Mitigation strategies 
Pile compression loads Excessive loads on the - Maximize the vertical 
transferred to the tunnel leading to lining distance between the toe 
tunnel lining (assumed failure. of the piles and the 
short distance between tunnel lining. 


(Continued ) 
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Table 3. (Continued) 


Risk description Risk level 
(i.e., consequences of 
Hazard description the hazard) Likelihood Impact Risk Mitigation strategies 


pile toe and tunnel 
crown). 


- Assess the pile-induced 
structural forces and 
deformations on the 
tunnel lining and 
account for in the tunnel 
design. 

- Assess the most suitable 
pile diameter versus the 
number of piles to 
spread the load. 

- Ensure final lining is in 
placed before the piles 
are loaded (if required). 
- High control during 
construction for the 
design pile lengths not to 
be exceeded. 

- Maximize the horizon- 
tal distance between the 
pile and the shaft perim- 
eter up to 5 pile diam- 
eters, if possible. 

- Ensure the shaft lining 
is complete (ring closed) 
before the lateral load 
starts acting. 

- Monitoring of the shaft 
ovalization and radial 
displacements during 
construction stage. 

- Change the construc- 
tion sequence: under- 
ground excavation ahead 
of pile installation, if 
possible. 

- Maximize vertical dis- 
tance between the toe of 
the piles and the tunnel 
lining, or horizontal dis- 
tance between pile and 
shaft perimeter. 

- Extension of the neigh- 
bouring piles, as the piles 
on top of the tunnel may 
not be lengthened. 
Assume that the capacity 
of the piles on top of the 
tunnel is exceeded (non- 
compliant), and the load 
redistributes to the 
nearby piles. 


Pile lateral loads trans- Excessive bending 

ferred to the shaft lining moments on the shaft 

(assumed short distance leading to excess of ova- 

between pile and shaft). lization and potential 
lining failure. 


Negative skin friction Reduced pile capacity 
on piles due to tunnel- leading to excessive pile 
ling underneath or shaft settlement or founda- 
excavation to the side. tion failure. 


(Continued ) 
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Table 3. (Continued) 


Risk description 

(i.e., consequences of 
Hazard description the hazard) 
Loss of confinement of | Reduced pile capacity 


the soil close to the 
shaft excavation, in the 
radial direction, where 
some piles may be 
founded. 


Loss of pile base bear- 
ing resistance due to 
tunnelling closely below 
the toe of the pile. 


Ground movements 
caused by the under- 
ground excavation 
inducing additional 
structural forces. 


Settlement of the foun- 
dation due to under- 
ground excavation 
beneath. 


leading to excessive pile 


settlement or founda- 
tion failure. 


Reduced pile base bear- 


ing capacity leading to 


excessive pile settlement 


or foundation failure. 


Induced additional 
forces on piles and slab 
leading to cracking or 
structural failure. 


Excessive differential 
settlement of the build- 
ing leading to cracking 
or noncompliance with 
the serviceability limit 
state. 


Risk level 


Likelihood Impact Risk Mitigation strategies 
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- Delay the connection of 
the piles to the slab: 
“floating” piles settle 
together with surround- 
ing soil and NSF is 
reduced. 

- Check if the increase of 
stress (confinement) in 
the circumferential direc- 
tion compensates the loss 
in the radial direction. If 
so, no adjustment needed 
in the pile capacity. If 
not, some reduction of 
the shaft friction in the 
pile capacity may be 
adopted. 

- Extend the pile length 
to counteract the poten- 
tial reduction in friction 
due to the loss of radial 
confinement. 

- Assume the total cap- 
acity of the pile relies on 
the friction with no con- 
tribution of base 
resistance. 

- Pile base grouting 
ensuring a good per- 
formance of the base 
with no disturbance of 
the soil. 

- Change the construc- 
tion sequence: under- 
ground excavation ahead 
of pile installation, if 
possible. 

- Assess the underground 
excavation induced 
structural forces and 
account for them in the 
foundation design. 

- Specify the construc- 
tion sequence in order to 
construct the building 
after the complete exca- 
vation of the under- 
ground works. 

- Increase the stiffness 
and structural capacity 
of the piled slab in order 
to bear higher structural 
forces minimizing the 
structural deformations. 


5 CONCLUSIONS 


In the coming years it is expected that complex underground infrastructure in urban areas will 
continue proliferating. Some high-level rules and recommendations in terms of construction 
methodologies are given in this paper. The paper’s aim is therefore to improve the understand- 
ing of the foreseeable interaction effects in this type of infrastructure for when similar projects 
are faced in the future. 

Although the case presented is a particular situation, it can serve as an example that the 
simple order in which the construction sequence is established is of enormous importance to 
the design forces. In the design of a single infrastructure asset, several different design situ- 
ations can be faced depending on the sequence of construction and loading selected for the 
various elements. In this sense, in engineering, there is no single solution for all problems, so 
the challenge is to be able to choose the most appropriate one in each case. 

In this particular case, from the three alternatives considered, whether alternative 1, 2 or 3 
is the most suitable is something that, by itself, is difficult to decide. Therefore, the specific 
constraints of each alternative need to be assessed in conjunction with other external factors 
(e.g., geology, site conditions, programme, costs, etc.) to get a representative outcome on 
which is the optimal construction solution. 

The design of complex underground structures is usually, by nature, highly complex due to the 
intervention of multiple variables, many of which we are not able to control or, even, to recognize 
in some cases. This is the reason why the implementation of an appropriate instrumentation and 
monitoring system should always be considered, which would normally serve a double purpose: 
to ensure the construction progresses within safe margins as well as to confirm and validate the 
assumed design hypotheses in order to be able to introduce, in due time, the necessary design and 
construction adjustments. 
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Design methodology for tunnel collars assessment under fire load 


M. De Poli & B. Lafarga 
Mott MacDonald, Croydon, UK 


ABSTRACT: Tunnel structural collars are complex structures often connecting different 
tunnel elements such as mined tunnels with bored tunnels or shaft openings. The Bromford 
Tunnel is a twin bored tunnel part of the High Speed 2-Phase 1 project in the UK where over 
30 permanent reinforced concrete collars need to be cast. This paper presents the design meth- 
odology followed for the assessment of the bored tunnel to cross passage collars under the 
EUREKA curve fire load. 

The main innovation introduced in this assessment is the use of a non-linear staged analysis 
considering a Mohr-Coulomb concrete material model. This is used to represent the plastic 
behaviour and captures both the flexural and shear failure of the structure. Such an analysis 
proved to better represent the fire event and the behaviour and stress redistribution on the struc- 
ture during the fire. This methodology was able to allow an optimised reinforcement intent 
design where the full structural capacity of the structure was used. 


1 INTRODUCTION 


This paper describes the design methodology adopted to assess the structural resistance of 
tunnel concrete cross passage collars under the fire load. An overview of the project and 
requirements is described together with the challenges encountered in assessing the structure. 
Next, the proposed method for the fire design assessment is explained, and the results 
presented. 


2 PROJECT AND REQUIREMENTS 


The proposed design methodology was developed for the reinforced concrete collars of the 
Bromford tunnel which is part of the High Speed 2 — Phase 1 project and is located on the east 
of Birmingham (United Kingdom). Phase 1 of the project is a new high speed railway line con- 
necting London with the West Midlands. 

Tunnel collars are structural elements connecting perpendicularly the segmentally lined 
bored tunnel with mined cross passage tunnels as shown in Figure 1. These cross passages con- 
nect both bored tunnels to provide emergency exit. 

These collars are thick reinforced concrete structures with the purpose of withstanding 
the hoop forces of the tunnel lining rings which have been cut (see the red arrows in Figure 1 
representing the lining loads) to provide the opening that allows the twin bored tunnels to be 
connected by the cross passage. Some of the drivers influencing the collar geometry were the 
opening dimensions, the construction tolerances, the waterproofing requirements and the 
ground excavation sequence. 

The assessment of the accidental fire scenario was driven by some important requirements 
set by the Employer: 


DOI: 10.1201/9781003348030-65 


537 


Bored Tunnel 


Cross passage 


Figure 1. Scheme of the tunnel junction elements (left) and collar structure 3D model (right). 


* Collars needed to be designed to withstand the effects of the EUREKA “temperature-time 
curve” (Commission of the European Communities, 2007) representing a fire originated 
from a train (shown in Figure 2); 
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Figure 2. EUREKA fire curve (temperature vs time). 


e Design needed to ensure that after a fire the tunnel structure will remain functional and 
allow for repairs to be carried out. 


To mitigate the detrimental effects of the fire, protection measures were included in the design 
such as the provision of a sufficient minimum concrete cover to the reinforcement (55mm) on 
the fire exposed side and the use of polypropylene fibers (typically between 1 to 2kg/m3) to pre- 
vent explosive spalling. Additionally, the Employer’s specification required a series of fire tests 
to be conducted to validate the chosen concrete mix design and demonstrate that it met the 
requirements (e.g. maximum depth and area of spalling and reinforcement temperatures). 


3 THE CHALLENGE OF THE STRUCTURAL DESIGN FOR THE FIRE LOAD 


Different approaches are used to analyse structural elements exposed to fire, depending on 
the nature of the structure and the fire load definition. The verification of the structural sta- 
bility under fire can be conducted for each member of the structure, for a part of the struc- 
ture or globally. 

Eurocode 2 (British Standards Institution, 2004) proposes a series of simplified fire calcula- 
tion methods for member analysis. Four of the methods that are often used (International 
Federation for Structural Concrete, 2008) are listed below: 
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¢ Tabulated data (first-level method): where usually a minimum thickness and cover have to 
be achieved for each type of element 

e 500 C-isotherm method (second-level method): where the parts of the concrete section 
above temperatures of 500 C are neglected from the section analysis and the decay of 
reinforcement steel properties with temperature is introduced 

e Zone method (second-level method): where the section is divided into zones and tempera- 
ture dependent material properties are used to perform the section analysis 

e Incremental-iterative procedure using stress-strain, temperature-dependent laws (third level- 
level method): where the mechanical properties of each point of the section are related to the 
material temperature-dependent stress-strain curve before performing a section analysis 


Notwithstanding the methodology used, in order to design a structure against fire the engin- 
eer needs to take into account multiple aspects ITA AITES, 2022) and namely: 


¢ Effects of temperature varying in time 

¢ Temperature dependent material properties and member stiffness 
e Effects of thermal expansions and deformations 

e Material plasticity 

e Local failure 

° Spalling 


When designing the concrete collar described above against fire, a series of challenges to 
define the methodology were experienced. The nature of the concrete collar under analysis did 
not allow the direct use of one of the simplified methods. 

For any calculation method adopted, a thermal analysis is needed to determine the tempera- 
ture distribution in the structure and the degradation of the material properties due to the fire 
event. Particularly, for a geometrically complex structure like the collar — a high non-statically 
determined structure modelled in a FEM with 3D brick elements - it was important to account 
for the effects of indirect actions and thermal strains due to the internal restrains. Except for 
the incremental-iterative method, none of the calculation methods listed above fully accounted 
for these aspects. However, the use of the incremental-iterative method was prevented. This is 
related to the considerable number of sections that needed to be checked and the time- 
consuming nature of this calculation method. 

Additionally, a thermal analysis directly applied to the 3D model was not possible due the 
complexity of the model which would have required an extremely fine and impractical mesh. 
As a result of the above, a bespoke advanced calculation method was developed for this struc- 
tural assessment which is presented in the section below. 


4 PROPOSED METHOD FOR THE FIRE ASSESSMENT 


The design methodology adopted to carry out the fire scenario assessment and verify the load 
bearing capacity of the collars is presented in this section. 

Four important aspects of the proposed design methodology which will be described in 
detail in the subsections below are: 


¢ Thermal analysis and fire load definition; 
e Mechanical analysis approach; 

e Material model; 

e Results analysis and acceptance criteria. 


4.1 Thermal analysis and fire load definition 


Due to complexity of carrying out a transient-state thermal analysis of the full 3D volumetric 
structure, a simplified 2D model was developed. The simplified 2D model consisted of 
a concrete plate fully restrained on two edges (conservative assumption to calculate the 
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maximum indirect actions that could develop in the structure) and exposed to the fire on one 
of the non-restrained sides. The concrete was modelled assuming temperature dependent 
properties from Eurocode 2 (British Standards Institution, 2004). In this model, the 
EUREKA curve was applied, and a time-dependent thermal analysis was carried out for dif- 
ferent sections of the collar in order to obtain the following outputs: 


* temperature profiles in the structure caused by the fire event at different times. In the 
Figure 3 below, an example of the temperature profile of the thickest collar section after 
175 min of fire exposure is presented. As it can be observed, the low conductivity of con- 
crete generated high temperature gradients on the side where the fire is applied 

Plate Temperature (C) 
Max = 305 [Pt:1,Nd:1046] 
263 


Min = 10 [Pt:305,Nd:1490] 


Figure 3. Thermal analysis carried out in the FEM Strand7 software. 


e total strains and equivalent total stresses generated in the plate at different times. Due to 
the temperature difference and since the section is restrained and not free to deform, 
internal forces are developed in the section. 


The analysis of the results and time for which the maximum loads are exerted into the dif- 
ferent sections allowed to determine an equivalent “fire load” to be applied to the structural 
model. The application of these loads into the model is done by means of thermal gradients 
applied to the sections of the structure exposed to the fire. These loads capture the effect of 
thermal expansions and deformations on the collar. 


4.2 Mechanical analysis approach 


Prior to the fire analysis, the concrete collar structure had been designed for the ULS persist- 
ent and transient and SLS combinations as per Eurocode 2 (British Standards Institution, 
2005) using Strand 7 as structural FEM software package and the proposed reinforcement 
intent was estimated to amount to approximately 110 kg/m3. 

In order to check that the reinforcement arrangement proposed above would comply with 
the ULS accidental fire analysis, a non-linear staged analysis using 3D brick elements was per- 
formed. Three stages of analysis were considered and in particular: 

All load combinations included the self-weight, ground and water loads, ground 
surcharges, shrinkage and bored tunnel segmental lining load; whilst the accidental load 
combination included also the fire load resulting from the analysis described in the 
Section 4.1 
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Table 1. Staged analysis details. 


Stage n. Stage 1 Stage 2 Stage 3 
Stage name Initial stage Fire Stage Post-fire Stage 
Load combination SLS Quasi permanent ULS Accidental SLS Quasi permanent 


4.3 Material model 


A thick and geometrically complex structure such as the collars, subject to a demanding fire 
load - in this case by the EUREKA curve — can develop considerable high tensions and signifi- 
cant shear and torsional loads when using a linear-elastic material model. Capturing the redis- 
tribution of forces and local material failure is also important to represent a realistic 
behaviour of the structure and not overestimate the internal forces. As a result, 
a multidimensional non-linear concrete material model using the Mohr-Coulomb yield criteria 
was proposed. This brought several benefits: 


¢ Both flexural and shear failure are captured; 

e Concrete is allowed to crack in tension while redistributing the tensions in the structure. 
The presence of a reinforcement cage maintains the structure ductile and prevents its col- 
lapse if working within appropriate deformation limits. 


The Mohr-Coulomb concrete parameters (as obtained from Figure 4) are friction 
angle (Figure 1 Tensile stresses during the fire scenario — Linear elastic material model) and 
cohesion (c’ = 3.9MPa). 


25 


Shear Stress (MPa) 
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Figure 4. Concrete Mohr-Coulomb parameters. 


The parameters were obtained using Hoek-Brown criteria as a starting point and consider- 
ing a mi=7, usual for rocks like Limestone, which for this purpose was assimilated to the con- 
crete aggregate and a GSI=100 corresponding to the uncracked concrete properties and 
a UCS equal to the design compressive strength (fsa) of a C40/50 concrete. This is represented 
by the dashed line in Figure 4, which shows the Hoek Brown criterion in terms of normal and 
shear stresses. This criterion can be approximated using Mohr-Coulomb criterion (straight 
dotted line in Figure 4 and hereby named as original Mohr-Coulomb criterion) with a friction 
angle of 39°. As it can be seen, this value of friction angle is in line with the parameters given 
in the Eurocode 2 (British Standards Institution, 2005) Section 6.2.5, where a friction coeffi- 
cient between 0.7 (35°) and 0.9 (41°) can be assigned to a rough concrete surface or an 
indented rough surface. 
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As the tensile strength can be overestimated with the original Mohr Coulomb criterion, it 
was necessary to introduce a cap. Hence, the cohesion value of the original Mohr-Coulomb 
criterion was conservatively lowered (solid line shown in Figure 4) in order for the tensile 
strength to match the one obtained with the Hoek Brown criterion and equal to 4.8 MPa. 
This value is slightly higher than the 95 % fractile of the characteristic axial tensile strength 
(fctk,0.95) of C40/50, but it is considered a good value because it underestimates the tensile 
strength of the reinforced concrete structure. 

The above was checked against the values obtained from the upper bound solutions 
(Piratheepan, J. et al., 2012) where cohesion and friction angle are derived from the first 
principles (maximum tensile and compressive strength) with less-conservative values 
obtained. 


4.4 Results analysis and acceptance criteria 


The results were reviewed against the criteria’s which, if meet, ensure the structural stability in 
ULS accidental fire scenario and that the collar is able to withstand the loads imposed in each 
stage. In particular, the following was checked: 


* convergence of the nonlinear analysis with review of the yielding pattern on the structure. 
The convergence of the analysis shows that the collar has found a new and stable configur- 
ation of forces and deformations under fire; 

* maximum tensile strain not exceeding 0.5%, which is the maximum allowable strain con- 
sidered to be taken by the reinforcement; 

e acceptable deformations of the structure. This proved not to be a problem due to the 
nature of the collar which was a massive monolithic structure. 


5 RESULTS 


5.1 Fire analysis results 


Figure 5. Vertical strains during the fire scenario-worst case (left) and plastic zones post-fire (right). 


The vertical strain experienced by the collar during the fire event scenario (Stage 2) and the 
plastic zones (represented by the yield index equal to 1) generated on the structure after the 
fire (Stage 3) are presented in Figure 5. Yielded areas are predominantly found in low 
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compression or tension areas and are characterised by a stress redistribution in areas sur- 
rounding regions where the material failed. It was concluded that the fire event could be taken 
by the structure and therefore it was not a driver for the reinforcement design as it meets all 
the criteria exposed in Section 4.4. 


5.2 Effect of the material model on the results 


The results would not had led to the same conclusion in case a linear elastic concrete model 
and sectional check performed with the 500 C-isotherm method would have been considered 
as it is commonly done when designing concrete structures. In this section a comparison 
between the use of the linear and nonlinear concrete material models is presented. It was 
determined that by using a linear model the fire scenario would have become the driver of the 
design. In particular, the use of the non-linear material model (hereafter called non-linear 
model) over the linear one (hereafter called linear model) contributed to saving up to 35% in 
the reinforcement required for the structure. 

Figure 6 shows the linear model principal stresses. The perimeter is subject to a significant 
thermal gradient and experiences high tensions with a maximum of 15.7MPa resulting in an 
important reinforcement demand. This comparison is also useful as it shows that the areas 
experiencing high tensile stresses in the linear model were the same that were yielding in the 
non-linear one. 


Brick Stress: Principal 11 (MPa) 


Max = 15.7 


Figure 6. Tensile stresses during the fire scenario — Linear elastic material model. 


To better showcase this comparison the collar pillar base section is presented. In 
particular, the images of Figure 7 show respectively the location of the pillar base sec- 
tion (left image), the linear model vertical stresses (central image) and the non-linear 
model vertical stresses (right image). Whilst the linear model would have required add- 
itional reinforcement to comply with the codes (raising the rebar requirement from 
4624mm2/m to 6275mm2/m in this particular section), the non-linear model results met 
all criteria’s and it was demonstrated that the fire scenario was not a governing case 
for the collar design and therefore did not required an increase in the reinforcement 
quantity. The same conclusion was obtained when analysing the other sections con- 
sidered for the structural design. 
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Vertical stresses — Linear model Vertical stresses — Non-Linear 
model 


SECTION) 


Max tension: 13.6 MPa 
Max Compressions: 17 MPa Max Compressions: 15.7 MPa 


Max tension: 3.4 MPa 


Figure 7. Example of stresses in the pillar base section (linear vs non linear concrete material model). 


6 CONCLUSION 


The proposed methodology for the assessment of tunnel collars under fire load proved suc- 
cessful and it was possible to demonstrate that the fire scenario was not a governing factor in 
the design. This approach achieved a dual result by allowing the provision of an economical 
and sustainable reinforcement design which exploited the full capacity of the structure. The 
use of a Mohr-Coulomb material model and staged analysis contributed to meet the Employer 
requirements by validating the stability of the structure during and after the fire event. The 
methodology proposed above has the potential to be extended for the assessment of other 
structural elements exposed to fire with the necessary adjustment to be tailored to the specific 
details of the structure. 
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ABSTRACT: The existing metro shield tunnel structure will be greatly impacted by the 
improper construction of neighboring underground structures. This research examines the 
stress of shield segment under different ovality induced by underlying tunnel construciton in 
Granite residual soil. In this paper, based on the field measurement data, a refined three- 
dimensional finite element model is established considering the detailed structure components 
including shield segements, connection bolts, nuts and installation holes. The quantitative 
relationship between the ovality of the shield segment and the stress of the lining structure is 
studied. The results show that as the ovality of the shield segment increases, so does the max- 
imum principal stress and maximum shear stress of the segment structure. The maximum 
shear stress of the structure has a linear relationship with the ovality, whereas the maximum 
principal stress of the shield structure has a more obvious trend with the ovality and 
a nonlinear relationship with the ovality. 


1 INTRODUCTION 


Construction of nearby metro lines is happening more frequently as urban metro systems con- 
tinue to expand. The operating metro tunnel structure’s surrounding soil will be significantly 
disturbed by adjacent improperly construction, which will in turn affect the force state of the 
operating shield segment and result in deformation and damage to the existing structure. 
Existing research on the relationship between tunnel deformation and internal forces is pri- 
marily based on numerical analysis. numerical methods such as the finite difference method 
(FDM) and finite element method (FEM) have been employed to analyze the stress and per- 
form deformation analyses of underground excavations (Avgerinos et al., 2017; Liu et al., 
2011; Shi et al., 2015). They have been widely employed by researchers to investigate deform- 
ations and stress distributions in tunnel intersections and in bifurcation tunnels (Elkadi and 
Huisman, 2002; Guan et al., 1994; Spyridis and Bergmeister, 2015). Li (2013) investigated the 
relative quantitative relationship between the ovality and horizontal diameter’s convergence in 
the lining structure of shield tunnel and the stress state, bearing reinforcement and connecting 
bolts of the shield segment under various operating situations. Xia (2016) conducted 
a three-dimensional refined numerical research study on the whole loading process for 
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the evaluation of transverse deformation and transverse stiffness efficiency of shield 
tunnel, which enhanced the computational analysis theory of the lining structure. Kour- 
etzis et al. (2013) investigated the effects on the hoop force and bending moment devel- 
oped in the lining of a circular tunnel of the contact properties of the soil-lining 
interface numerically using ABAQUS. Chen (2020) explored the influence of surface 
stacking on the deformation of existing shield tunnels to provide a theoretical basis and 
reference for the protection of existing shield tunnel in surface stacking projects. 
A numerical study of both unreinforced and reinforced tunnel excavation faces by means 
of 3D FEM analyses is presented. The results are compared with those of the traditional 
limit equilibrium method and with an analytical solution based on previous numerical 
studies.(Paternesi et al., 2017). Fabozzi et al. (2018) defined a finite element model able 
to catch the main deformation patterns of a tunnel subjected to non-uniform seismic 
load, coupling the axial and longitudinal deformations. The results of the 3D full 
dynamic analyses showed the effect of the ground motion asynchronism on the distribu- 
tions of internal forces in the tunnel lining. Zhao et al. (2017) employed the commonly 
accepted analytical solutions to calculate the lining forces and deformations for both 
shallow and deep tunnels, and compared the results with the numerical results for cor- 
responding equivalent conditions. 

This paper takes an engineering example of a metro line in Guangzhou that resulted in 
large deformation of the upper operating metro shield tunnel structure as background. The 
deformation and mechanical properties of the structure are analyzed in detail and the quanti- 
tative relationship between them is obtained so that the deformation development of the struc- 
ture can be predicted. 


2 PROJECT OVERVIEW 


2.1 Project Introduction 


The concealed excavation construction of a metro in Guangzhou City has affected the existing 
shield tunnel, resulting in the settlement and cracking of the shield tunnel segment. From the 
long-term monitoring data at the monitoring points of the existing metro structure, it can be 
seen that the existing tunnel has appeared a large amount of displacement, cracking and water 
leakage, and constant changes in the ovality of the tunnel structure. The operating tunnel 
locations and the arrangement of monitoring points are shown in Figure 1. 


Figure 1. Schematic diagram of under-passing tunnel and monitoring points. 


2.2 Geological overview 


The lithology of the stratum within the excavation area of the concealed tunnel is mainly full- 
weathering mixed granite, and medium-weathering mixed granite. Among them, the surround- 
ing rocks of the tunnel vault are mainly full-weathering mixed granite. The surrounding rocks 
in the upper half of the section are mainly full-weathering mixed granite, locally sandy clayey 
soil and medium-weathering mixed granite. the surrounding rocks in the lower half of the sec- 
tion are mainly full-weathering mixed granite and medium-weathering mixed granite. 
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Figure 2. Geological profile of line 18 and line 7. 


(Notes: <1>:Plain fill, <SZ-2>:Sandy clayey soil, <6Z>:Total weathering mixed granite, <7Z>:Strongly wea- 
thered mixed granite, <8Z>:Moderately weathered mixed granite) 


3 THREE-DIMENSIONAL NUMERICAL SIMULATION ANALYSIS 


3.1 Modeling 


Considering the time-consuming of numerical calculation and analysis purpose, this calcula- 
tion ignores the influence of the longitudinal joints of the shield segment on the longitudinal 
stiffness discount, and simplifies the force to plane strain state, so only a refined analysis 
model of one ring of the shield segment is needed. 

Based on the detailed monitoring deformation data of the existing metro tunnel, the loca- 
tion of the largest deformation was selected as the location of numerical analysis structural 
model, and 1:1 refined model was carried out based on the detailed design of the shield seg- 
ment structure (Figure 3). The shield tunnel is built by shield method, with an overall tunnel 
outer diameter of 6.0m, an inner diameter of 5.4m, a shield segment thickness of 0.3m and 
a width of 1.2m. The shield segment is designed in blocks of “3+2+1”, and is assembled in 
“A-B-C”. Each ring of shield segment is divided into 6 blocks, consisting of key block K, 
adjacent blocks of Q1 and Q2, and standard blocks of Z1, Z2 and Z3. The key block is 
located at the top of the lining structure, and the center angle of the key block is 15°, the 
center angle of the adjacent block is 64.5°, and the center angle of the standard block is 72°. 
The shield segment pieces are connected with M24 bolts of grade 4.6, and the inner and 
outer sides of the circular bearing reinforcement are symmetrically reinforced with eight 016 
bars on each side, with reinforcement grade HRB335. 2 bolts are arranged for each longitu- 
dinal seam, totaling 12 circular bolts. 10 longitudinal bolts for the ring joint, arranged at an 
angle of 36°. 

The shield segment, bolts and bolt holes are modeled by entity units, and the shield segment 
splices are established by setting solid gaps. The 3D numerical model of the shield tunnel 
shield segment is shown in Figure 4. The finite element calculation model of the whole ring 
shield segment structure has a total of 123177 units and 63425 nodes. 


Figure 3. Construction diagram of target shield segment. 
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Combined with the existing experience of structural numerical analysis, the material parameters 
and constitutive model are shown in Table 1. Among them, in order to analyze the influence of 
large deformation, structural stress concentration and plastic yielding of the shield segment struc- 
ture, the shield segment adopts the Mohr-Coulomb constitutive model; the bolts and nuts are 
stronger and less likely to enter plastic yielding, so the elastic model is used for calculation. 


(a) Shield segment meshing (b) Shield segment model (c) Connection bolts and nuts 


Figure 4. Construction diagram of target shield segment. 


Table 1. Material parameters of the shield-driven running tunnel and constructive models. 


Material Name Weight capacity (K/m3) Modulus of elasticity; Poisson’s ratio Constitutive relation 


(KN/m) 
Shield segment 24.5 33500000 0.2 Mohr-Coulomb 
Bolt 78 206000000 0.31 Elasticity 
Nuts 78 412000000 0.2 Elasticity 
Bolt weak layer 18 200000 0.4 Elasticity 


3.2 Working conditions 


In order to evaluate the influence of stratum deformation caused by new tunnel excavation on 
the structural safety performance of the shield segment, the field measurement displacements 
were added to the corresponding positions in the model based on the monitoring data from 
five monitoring points (Figure 5). 

According to the field measured data, the data of a certain day (t1) and the data after 15 
d (t2) were selected to simulate the deformation state of the tunnel under actual conditions, 
and the corresponding stress state of the shield segment and the areas prone to stress concen- 
tration were obtained, and the data of t2 were increased by 1.2 times (t3) and 1.4 times (t4) to 
examine the effect of further deformation of the structure. The working conditions are shown 
in Table 2. 


Figure 5. Shield segment structure with measured displacement added. 
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Table 2. Working conditions analyzed of shield segment. 


Deformation data Predicted Ovality Notes 
tl(Measured deformation) 1.2%D Field test 
t2(Measured deformation) 1.5%D Field test 
t3(Hypothetical deformation) 1.8%D Hypothesis 
t4(Hypothetical deformation) 2.1%D Hypothesis 


4 IMULATION RESULTS 


4.1 Calculation of Displacement of shield segment 


The displacements of the shield segment structure obtained from the software MIDAS are 
shown in Figure 6. It can be seen that the simulated displacement matches the displacement 
measured at the field monitoring points. The calculated ovality under different working condi- 
tions is shown in Figure 7. 

From Figure 7, it can be seen that the maximum measured ovality of existing metro shield 
tunnel segment is 1.479 % D, which is less than the yield control value of the ovality of 1.7 % 
D; the predicted ovality is between 1.789%D and 2.189 % D. It can be judged that the shield 
tunnel joint bolt and steel bar have not yet yielded, but the shield tunnel joint bolt will yield if 
the reinforcement measures are not taken in time. 
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(a) tı(1.076%D ovality) (d)t.(1.479%D ovalty) (c)t3(1.789%D ovality) (d)t4(2.189%D ovality) 


Figure 6. Displacement clouds of the shield segment under different working conditions. 


Deformation data under different working conditions 
o u R B t4 


Ovality (unit: %) 


Figure 7. Ovality under different working conditions. 


4.2 Calculation of maximum principal stress of shield segment 


According to the field monitoring results and numerical calculations, it is known that 
the existing metro shield interval will be affected by the bias pressure brought by the 
tunnel excavation unloading, which will lead to the tunnel deformation and increase the 
maximum principal stress of the shield segment. The maximum principal stress of the 
shield segment structure 3D numerical model is shown in Figure 8, and the correspond- 
ing relationship between different ovality and maximum principal stress values is shown 
in Table 3. 
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(a)t}(1.076%D ovality) (b) t(1.479%D ovality) (c) (1.789%D ovality) (d) t,(2.189%D ovality) 


Figure 8. The maximum principal stress clouds of the shield segment under different working conditions. 


Table 3. Different ovality and corresponding maximum principal stress value. 


Ovality under different working conditions Maximum principal stress (MPa) 
1.076%D ovality 4.87 

1.479%D ovality 6.37 

1.789%D ovality 10.34 

2.189%D ovality 21.04 


From Figure 8 and Table 3, it can be seen that stress concentrations appear at the bolted 
connections, and the ovality of the shield segment is positively correlated with the maximum 
principal stresses. The maximum principal stresses in the whole shield section appear at the 
bolted connections in the upper left part of the shield tunnel structure, and corresponding 
reinforcement measures should b e taken at these locations. 

Let d, be the ovality ratio, and its value is the ratio of ovality under t, to ovality under tı. 
F, is the maximum principal stress ratio, and its value is the ratio of maximum principal stress 
under t, to maximum principal stress under tı . Then it is known that the maximum principal 
stress of the structure with ovality of 1.479%D is 1.31 times of that with ovality of 1.076%D; 
and the maximum principal stress of the structure with ovality of 1.789%D is 2.12 times of 
that with ovality of 1.076%D. The maximum principal stress in the structure with ovality of 
2.189%D is 4.32 times of that with ovality of 1.076%D. 


4.3 Calculation of shear stress of shield segment 


According to the calculation results, the shear stress values of the shield segment under differ- 
ent working conditions are shown in Figure 8, and the corresponding relationship between 
different ovality and maximum shear stress values is shown in Table 4. 

It can be seen from Figure 9 that the shear stress concentration occurs at the bolt connec- 
tion of the segment, and the shear stress of the whole shield section also occurs at the vault, 
arch bottom and arch waist of the shield tunnel segment. Corresponding reinforcement meas- 
ures should be taken at these locations. The ovality of the segment is positively correlated 
with the maximum shear stress. The greater the ovality of the shield tunnel segment, the 
greater the corresponding maximum shear stress value. 
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(a)tı(1.076%D ovality) (b)ta(1.479%D ovalty) (c) t3(1.789%D ovality) (d) t4(2.189%D ovality) 
Figure 9. Shear stress clouds of shield segment under different working conditions. 
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Table 4. Different ovality and corresponding shear stress value. 


Ovality under different working conditions Maximum shear stress value (K N/mm?) 
1.076%D ovality 1.43 
1.479%D ovality 1.86 
1.789%D ovality 2.25 
2.189%D ovality 2.61 


Assuming Tn is the maximum shear stress ratio, which is the ratio of the maximum shear stress 
value under the condition of t, to the maximum shear stress value under the condition of t,, then 
the maximum shear stress value of the structure with 1.479%D ovality is 1.30 times of that with the 
ovality of 1.076%D. The maximum principal stress of the structure with the ovality of 1.789%D is 
1.57 times of that with the ovality of 1.076%D. The maximum principal stress of the structure with 
ovality of 2.189%D is 1.83 times of that with ovality of 1.076%D. The specific parameters are 
shown in Table 5. According to the above table, the mechanical properties are shown in Figure 10. 


Table 5. Mechanical properties under different working 


conditions. 

Working conditions dn Fa Ta 
ty 1 1 1 

t2 1.37 1.31 1.30 
t3 1.66 2.12 1.57 
ty 2.03 4.32 1.83 


Deformation data under different working conditions 
0 tu 2 B t4 
0 + + T ` 


—e— Ovality ratio 


Mechanical properties under different 


—— Maximum principal stress ratio 


— oe Maximum shear stress ratio 
Figure 10. Mechanical properties under different working conditions. 


From Figure 10, it can be seen that with the increase of ovality, the values of maximum 
principal stress and maximum shear stress of the structure both increase with ovality, while 
the trend of maximum principal stress of the structure changes more obviously with ovality 
and shows a non-linear relationship with ovality. 


4.4 Calculation of plasticity of shield segment 


The calculation of the shield segment structure employs the Mohr-Coulomb constitutive model 
that elasto-plastic yielding, so the area where the shield segment structure enters plastic yielding 
can be analyzed based on the numerical results. The results are shown in Figure 11 (Note: Red 
circles represent plastic yielding; blue circles represent the yield caused by loading and unloading; 
green circles represent tensile failure; purple circles represent compressive shear yield failure) 
From Figure 11, under the working conditions of t1, t2 and t3, the plastic yield occurs first in 
the segment joint position and some areas of bolt connection. At the same time, the plastic yield- 
ing concentration area appears in the top of the shield segment, the arch waist and part of the 
arch bottom area. The appearance of plastic yielding in the shield segment structure means that 
the shield segment may be damaged. Through the detailed analysis of the corresponding areas, 
it was found that the plastic yielding areas did not penetrate and expand, so the structure had 


551 


not entered the overall damage stage and the structure would not have penetration cracks. How- 
ever, the plastic yielding in the bolt connection area means that the deformation increases, and 
it is necessary to pay attention to the condition of water leakage and local breakage in the shield 
segment cracks. As the ovality of the structure increases, the area of the plastic yielding area 
increases, and the density of the yielding point will increase. Under the condition of t4, the plas- 
tic deformation area in the segment structure increases, the plastic yield failure may occur in the 
local area of the segment, and the deformation of the circular joint of the segment is large. 
Therefore, under the current calculation conditions, the limit value of deformation safety of the 
shield segment structure can be considered to be set to 2.1%D. 


= gm g> 


(a)holoplastic area oftl (b)holoplastic area of t2 (c)holoplastic area of t3 (d)holoplastic area of t4 


(e)bottom plastic area of (f)bottom plastic areaof (g)bottom plastic areaof (h)bottom plastic area of 
tl t2 3 t4 


(i)lumbar plastic area of (j)lumbar plastic areaof (k)lumbar plastic areaof (l)lumbar plastic area of 
tl t2 t3 t4 


(m)top plastic area oftl (n)top plastic area of t2 (o)top plastic area of t3 (p)top plastic area of t4 


As sia 


Figure 11. Cloud maps of plastic area of shield segment under different working conditions. 


5 CONCLUSION 


This paper takes an engineering example of a metro line underpass construction in Guang- 
zhou that produces large deformation on the existing operating metro shield tunnel as the 
background. A three-dimensional model was built using the finite element software MIDAS 
to simulate the performance of the operating shield tunnel under different ovality. Based on 
the calculation results and field measurement data, the following conclusions were obtained. 


(1) Both the maximum principal stress value and the maximum shear stress value of the shield 
tunnel structure increase with the increase of the ovality of the shield segment, and the 
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maximum shear stress of the structure is linearly and positively correlated with the ovality, 
and the maximum principal stress of the structure changes more rapidly with the ovality. 

(2) The plastic yield analysis of the segment body shows that when a large amount of deform- 
ation occurs in the shield tunnel, the shield segment joints and part of the bolted area is 
the first to enter into plastic yielding. The larger the ovality of the shield segment, the 
larger the area of plastic yielding and the denser the yielding points are. While the top, 
waist and part of the bottom of the shield segment, appear plastic yield concentration. It 
is necessary to pay attention to the condition of water leakage and local damage of the 
shield segment structure joints, and take local reinforcement measures. 

(3) When the ovality of the tunnel structure continues to develop, the plastic deformation area 
in the shield segment increases, and the local area of the shield segment may enter plastic 
yielding damage stage. Therefore, the limit value of the shield segment structure deform- 
ation safety can be considered to be set at 2.1%D under the current calculation conditions. 
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ABSTRACT: The Model Specification for Tunnelling was produced by the British Tunnelling 
Society in conjunction with the Ground Board of the Institution of Civil Engineers in order to 
establish a common standard for tunnelling and first published in 1997. The latest major revi- 
sion of the Specification for Tunnelling, Third edition was issued in 2010 and extensively used on 
infrastructure projects in the UK and abroad, in particular the mega project Crossrail. The 
forthcoming fourth edition of this reference standard reflects the further developing maturity of 
the industry and the increased focus of stakeholders on carbon footprint reduction. 


1 INTRODUCTION 


1.1 Context 


The Model Specification for Tunnelling was produced by the British Tunnelling Society (BTS) 
in conjunction with the Ground Board of the Institution of Civil Engineers (ICE) in order to 
establish a common standard for tunnelling and first published in 1997. The latest major revi- 
sion of the Specification for Tunnelling, Third edition was jointly published by the BTS and 
ICE in 2010 and extensively used on infrastructure projects in the UK and abroad, in particu- 
lar the mega project Crossrail, now operational as the Elizabeth Line. 

The BTS decided in 2020 that a new revision of this document was required as the practical 
application of the specification highlighted that the progress of technology, in particular with 
regard to sprayed concrete, sprayed membranes, and fibre reinforced concrete, was leading to 
reduced relevance of some clauses and likewise inadequate specification of emerging materials 
and techniques. 

In line with the previous version of the specification the focus is on materials and workman- 
ship. Contractual arrangements and design specific aspects are generally included only as far 
as they are relevant for the safe execution of the work. Where possible, reference to existing 
standards and guidelines has been made. 


1.2 Specification organization 


The specification is a model document which is intended to serve as basis for a project specific 
detailed specification. It is written in a modular form, and it is intended and indeed expected 
that parts of the specification are deleted, replaced or rephrased to suit a specific project’s 
requirements. Where the authors of the specification believe that specific definitions need to 
be made by the user of the specification, a reference to a Particular specification is included. 


1.3 Responsibilities 


Within the context of the specification the term “Engineer” has been used throughout for the 
person who is empowered to make decisions on design whereas the term “Designer” is used 
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specifically for the stakeholder carrying out the design. The project specific designations for 
the role and the associated responsibilities should be defined in the Particular Specifications of 
the project. 

The assumed workflow for this specification is that the details on how the Contractor 
intends to execute the work are submitted to the Engineer for agreement. 


2 SUSTAINABILITY 


Sustainability, and in particular the need to quantify and reduce the carbon footprint of our 
activities, has emerged as key consideration in the planning and delivery of infrastructure. In con- 
sequence sustainability considerations have been found to be innovation drivers and have led to 
the development of new materials and processes, as well as to changes in the use of existing ones. 


2.1 Specification review and update strategy 


The fast development cycle for new materials and guidelines and the associated following 
standardization resulting from the transition to carbon-conscious approaches has been con- 
sidered in the drafting of the document by a preference for general performance requirements 
instead of specific prescriptive clauses. 

Prescriptive clauses, where identified, were in descending order of hierarchy removed, or 
generalized, or where necessary retained. Particular focus was given to all materials containing 
Portland cement and the associated processes as these tend to contain proportionally the high- 
est amount of embedded carbon in tunnel works. 


2.2 Carbon management 


A new clause 101.2 — Carbon management introduces the management hierarchy of PAS 2080 
into the specification for tunnelling and jointly assigns the responsibility for identifying 
carbon reduction opportunities to the Designer and the Contractor. The carbon management 
process is to be part of the project’s quality management system and can therefore be used for 
performance monitoring. 


2.3 New materials 


Carbon footprint can be significantly reduced with the use of alternatives to Portland cement 
such as alkali activated binders, or glass fibre reinforced plastic as replacement for conventional 
rebar. However, such materials are typically not standardized or might still undergo the stand- 
ardization process which complicates their use in structural design, where compliance to codes 
needs to be demonstrated. Similarly, the durability of novel materials needs to be demonstrated. 

The specification refers in these cases to a “design assisted by testing” approach, as stand- 
ardized in e.g. BS EN 1990, and has removed specific requirements for cement type in concrete 
from the specification. 


3 HEALTH AND SAFETY IN CONSTRUCTION 


Projects executed in the UK are subject to statuary health and safety regulations. A concise 
summary and additional requirements is presented in the code of practice standardized 
through BS6164:2019. The updated specification introduces this fundamental reference, and 
provides a number of complementary requirements. 

Supporting the health and safety aspects is the new section on competence referencing the 
tunnelling Skills, Knowledge, Attitude, Training and Experience (SKATE) matrix prepared 
by the BTS 
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4 SOURCES 


Since publication of the last revision of the specification additional national and international 
guidance has emerged and has been evaluated by the drafting committee. Where practical we 
have considered such documents as direct references in the updated revision of the specifica- 
tion, avoiding duplication. 

The BTS monitors emerging guidance from sources such as ITA, AFTES, DAUB, ACI and 
STUVA. Where appropriate content of such guidance is included in our updated specification, 
for example the testing process for gaskets was adopted from STUVA (2019). Recommenda- 
tions for gasket frames in segmental tunnel linings, Forschung und Praxis 54. 


5 SELECTED NEW AND UPDATED CLAUSES 


5.1 Primary grout for TBM drives 


The last decade has seen considerable advances in the design of primary grout used for TBM 
drives and a significant increase of the use of bi-component grouts. The characterization 
solely by compressive strength over time has been found inadequate both for cement based 
grout and for bi-component grout, in consequence additional tests have been adopted based 
on the proposals of DB (2022). Ringspaltverfuellung bei Eisenbahntunneln, RIL 853.4006: 
Ejisenbahntunnel planen, bauen und instand halten. 


5.1.1 Performance requirements 
Section 214 of the specification contains the following minimum performance requirements 
for primary grout: 


1. Section 214.2.4 mandates that the stiffness of the grout should typically exceed the stiffness of 
the ground at the time of first loading (typically the trailer wheels of the TBM). This require- 
ment has been included to prevent ring dislocation at early stages. It is recognized that this is 
not always possible so deviations are possible subject to confirmation by the designer. 

2. Section 214.2.7 requires the initial set of grout within 45 minutes at 20 deg C and 
a minimum 24h compressive strength of 100mm cubes of 1.5 MPa at 24 hours. The setting 
time requirement contributes to minimizing ring dislocation, and the strength criterion rep- 
resents a readily achievable and easy to check criterion typical grouts will comply with. 

3. Creep behaviour of bicomponent grout results in potential progressive failure if excessively 
loaded (see Oggeri, C & Oreste, P. & Spagnoli, G. (2022). Creep behaviour of two- 
component grout and interaction with segmental lining in tunnelling, Tunnelling and Under- 
ground Space Technology 119). To mitigate against this failure mode Section 214.2.7 pre- 
scribes a upper bound stress limit of 50% of the characteristic UCS, which appears to be 
reasonably safe. 


5.1.2 Preconstruction testing 

Given the difficulties associated with measuring the primary grout properties at the point of 
injection it is important to characterize representative parameters in the preconstruction test- 
ing. Production control can realistically only be undertaken by comparing the composition of 
the injected mix with the mix recipe tested during preconstruction trials, and by a reference 
test of grout cubes at different ages of the grout. It is assumed that grout with the same com- 
position and the same UCS is also achieving the same other material properties as demon- 
strated in preconstruction testing. 

Segment primary grout is comparatively complex to characterize as often both its viscous as 
well as its solid material properties influence the performance. In order to consider the pri- 
mary grout in transient and permanent design situations the following test of properties are 
mandated in 214.2.6: 
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1. Tests of the liquid phase — viscosity with the Marsh funnel and gel time with the bucket test 
(for bi-component grout only). 

2. Shear strength development — shear vane test at different grout ages 

3. Compression modulus and modulus of elasticity. Both tests are required for the precon- 
struction testing to capture the stress/time sensitivity of the material with the compression 
modulus test, and to link it to the simpler modus of elasticity test which can be used for 
production control. 

4. Unconfined compressive strength to demonstrate compliance with the performance require- 
ments and to provide adequate long term support. 


5.2 Fibre reinforced concrete 


Since publishing the third edition of the specification in 2009 fibre reinforced concrete has 
been established as a preferred material for both temporary and permanent tunnel linings. 
The corresponding increase in confidence in the use of the material and the ongoing standard- 
ization have been recognized in the updated revision of the specification by inclusion of 
updated references and consolidation of the content. 

Based on the experience of the industry with fibre reinforced concrete and the substantial 
ongoing research in this field no specific new requirements have been introduced. 


5.3 Segment tolerances, quality control, and accessories 


User experience with the 3“ edition of the specification showed that some definitions of toler- 
ances were not unambiguous. Further, the progressive increase in tunel diameter and the 
industry’s move towards dowels and guiding rods in lieu of the traditional bolting as well as 
cast in gaskets necessitates updates of the presented tolerances. 

In order to simplify the use of the specification information on how to measure segments 
and thereby confirm conformance with the tolerances has been included. 

In collaboration with the industry specifications for dowels, bicones, guiding rods, and 
packers have been developed and are now included. 


5.3.1 Reviewed segment tolerances 
The majority of segment tolerances have remained unchanged, however we clarified that the toler- 
ances apply to the finished product (the segment/ the ring) not the mould sets. Changed values are 


1. Gasket groove. The tolerance for setting out the gasket groove depth with zero outward 
allowance as per the third edition reduces the risk of overcompression of the gasket and 
associated damage. In practical terms the gasket grooves have however been set out at their 
theoretical position with zero allowance for deviations in production, leading to non con- 
formances by default. We have therefore decided to retain the absolute value for the per- 
missible offset (0.5 mm) and assign this equally as +0.25 mm. 

2. Cast in gaskets. The absence of a gasket groove requires verification of the correct setting 
out of the gasket in the installed situation. In this case the production tolerances of the 
gasket itself need to be considered in addition to the setting out tolerances. While the 
STUVA document provides minimum values the actual values should be prescribed in the 
particular specification and confirmed with the gasket manufacturer 

3. Planar deviations. This aspect of the segment tolerances ensures that the surfaces are regu- 
lar with no pronounced peaks and troughs to avoid stress peaks at the time of first contact. 
The deviations have now been set uniformly to 0.2mm/m, and illustrations have been 
provided. 

4. Dowels. The acceptable deviation of the dowel axis from its theoretical position has been 
defined. 
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5.3.2 Quality control 

From engagement with the pre-casting industry it has been identified that the way tolerances 
are to be confirmed in situ needs to be detailed. For this purpose some clarifications were 
made 


1. Where to measure. Generally, dimensional assurance needs to be undertaken on the cast 
segments not the moulds, and needs to include segments produced from all moulds. 

2. For production control the contractor may opt to replace some checks with checks taken 
on the mould set, provided that the correlation between segment dimensions and mould 
dimensions and the measurement error has been established previously. 

3. The concept of establishing the theoretical joint plane and rate of deviation is defined, and 
illustrations have been provided. 


5.3.3 Segment accessories 
Dowels, bicones and packers are increasingly considered explicitly in structural design, requir- 
ing a higher level of detail in their specification. 


1. Bicones and dowels are subsumed under the term “dowels”. Recognizing that the perform- 
ance of these elements depends not only on their individual material properties but on the 
interaction between dowel/bicone, socket, recess geometry and concrete properties the 
updated specification mandates specific testing if these properties are used in the design. 

2. Similarly the increased refinement of design calculations trends towards explicit con- 
sideration of packers in the design calculations. For this purpose the load/ deflection 
properties are to be defined, including cyclic loading where appropriate. 

3. Further, installation tolerances for verticality and positioning of dowels have been defined 
for such accessories. This modification is intended to mitigate the risk of cracking of the 
concrete segments from tensile stresses resulting from dowel misalignment. 


5.4 Sprayed concrete 


The sections on sprayed concrete have been reviewed though a series of workshops 
involving relevant industry stakeholders, and have been comprehensively reviewed, lead- 
ing to a removal of prescriptive clauses and opening up of the specification for new 
binder materials. 


5.5 Water proofing 


Water proofing is addressed through material and workmanship requirements for both 
sprayed and sheet membranes. 

Following up on the experiences from Crossrail, the sprayed membrane sections have been 
comprehensively updated to capture the evolving experiences with this relatively new con- 
struction material. Requirements for pre production testing specifically address quality as well 
and health and safety related issues, and represent recognized Best Practice with these 
materials. 

Similar to the section on sprayed membranes, Best Practice for the installation of sprayed 
membranes has been included. Material standards and tests relevant for sheet membranes 
have been reviewed and updated. 


6 SUMMARY 


All seventy sub clauses of the Specification for Tunnelling, Third edition have been reviewed, 
43 of which have been changed and updated. Three new sub clause were added. The changes 
were managed through the technical sub committee of the BTS, with extensive consultation of 
subject matter experts and tunnelling practitioners. While many detailed changes have been 
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made, the BTS Specification for Tunneling has retained its unique, comprehensive and modu- 
lar approach and is expected to remain relevant for years to come. 

This report represents the status of October 2022 for the updated specification. Another 
round of peer review is scheduled for winter 2022/2023 with a planned publication date of 
October 2023. 
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ABSTRACT: A unified procedure on the same model and mesh for all simulations, excava- 
tion, dimensioning, reinforcement safety, ventilation, fire, in the tunnel design loop is pre- 
sented. All nonlinear structural calculations are performed using a 3D model which includes 
elastoplastic behavior of the soil, temporary and permanent lining. The “hot” design carried 
out checks if sufficient load-bearing capacity is available in case of fire. 


1 INTRODUCTION 


When testing the structural safety of existing and new tunnels, the temperature specifications 
of the relevant regulations and guidelines are used for the event of a fire such as ZT V-Ing or 
Ril853. As a conservative approach and in the absence of other requirements, in the case of 
a structural analysis, the temperature distribution is uniformly applied on the entire fire- 
exposed extent of the tunnel shell. This cannot adequately represent a real fire scenario, since 
fire growth does not appear in a uniform way within the tunnel and also the fire intensity 
depends on the cross-sectional area of the tunnel and other shape parameters such as tunnels’ 
intersections. During fire spread significant movement of air and combustion products occur. 
Hot gaseous products of combustion move upward, causing the influx of more dense cold air 
to the combustion zone resulting in higher temperatures at the ceiling than at the walls. 

In this paper, a fire event is simulated using CFD techniques to derive the actual temporal 
thermal loads on tunnel lining instead of the previously mentioned uniform ones. The fire 
effect can be performed in a three-dimensional CFD simulation, taking into account turbu- 
lence, buoyancy, smoke-dependent heat radiation, heat transfer and combustion processes. 

Subsequent stability calculations on the same model are carried out taking into account non- 
linear material and temperature-dependent behavior for the time- and location-dependent tem- 
perature distributions in the shell cross-section. In a seamless procedure, both CFD and FE are 
interacting on the same model where all types of simulations are performed. The procedure can 
be applied to any geometric domain, emergency ventilation system, assess tunnel fire evacuation 
plans and evaluate different design solutions. Steps performed include typical simulation of the 
excavation sequence until construction of the tunnel lining, dimensioning and reinforcement cal- 
culation according to current design code. Then, simulation of fire event including smoke dis- 
persion. A transient heat transfer analysis calculates the development of temperatures in the 
concrete followed by a thermo-mechanical analysis, of the lining to verify that the thickness and 
existing reinforcing can withstand the elevated temperatures. 

Although, during the last 15 years, there has been ongoing research on the use of multiphy- 
sics approach of fire events for the structural safety assessment of tunnels, applying CFD 
results to structural safety purposes is still not widespread in design practice. This is mainly 
due to the difficulties related to the coupling of fire simulation, heat transfer and structural 
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response (Bernardi P. et al, 2020, de Silva D.,2022). Most similar studies combining CFD simula- 
tions with structural safety analysis are for research purposes without a straightforward solution/ 
procedure for the seamlessly coupled simulation of the interacting phenomena. The methodology 
presented in this paper is based on the scientific results of a previous research program of the 
research team (TUNFEC, 2010). It integrates both analysis phases in the same environment in 
a seamless process. Furthermore, the current approach evaluates the results according to human 
safety criteria against high temperatures, toxic gas spread, smoke concentration, and resulting visi- 
bility reduction in the same workflow. Analysis results are used to estimate the available time for 
safe egress and also to evaluate existing and design improved evacuation plans. The efficacy and 
optimization of emergency ventilation operation is also an outcome of our analysis. 


2 TEMPERATURE DISTRIBUTION ON TUNNEL SHELL BASED ON CFD 


2.1 CFD method for the simulation of fire events. Governing equations and method 


The CFD solver used is based on the incompressible Navier-Stokes equations. Density vari- 
ations, entailed by the corresponding temperature ones, are taken into account employing the 
Boussinesq approximation, while for turbulence modelling the RANS (Reynolds-Averaged 
Navier-Stokes) approach is implemented along with the well-established k-e and k-m SST tur- 
bulence models. The radiative heat transfer is taken into account using the finite-volume 
method (FVM) for the approximation of the RTE (Radiative Transfer Equation), while wall 
conduction is modelled by solving a 1-D conduction equation for each wall node. Fluid flow 
and heat transfer are modeled implementing the Navier-Stokes and energy equations coupled 
with one of the turbulence models. 
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The final term in momentum equation (2), accounting for the gravity effect in the gravity 
direction, results from the Boussinesq approximation. The penultimate term in the energy 
equation (3) expresses the volumetric heat release rate of the heat source, while the last frac- 
tion denotes the radiative energy transferred through the assumed gray participating medium. 
The divergence in the latter term can is calculated by the difference between the emitted and 
absorbed radiative energy. 

The solution of the flow PDEs, modified appropriately by the artificial compressibility 
methodology, is succeeded with a node-centered FVM for spatial discretization, while for tem- 
poral an implicit scheme is used. For the computation of the inviscid fluxes of the mean flow 
equations, the Roe’s approximate Riemann solver is implemented, while for the evaluation of 
the corresponding viscous ones a CPU-time efficient scheme is applied. Mean flow equations 
are linked to the turbulence model equations in a loosely coupled manner. 
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Radiative heat transfer is expressed with the radiative intensity “I”, which can be calculated for 
an emitting and absorbing medium by the following formulation of integro-differential RTE: 
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where “r” denotes the spatial position of the examined node of the grid, while “s” is the path 
of radiation rays, i.e. the angular direction. The temporal term on the left hand side of RTE, 
expressing the rate of change of the radiative intensity in time, could have been neglected, due 
to the large magnitude of the propagation speed of radiation “c” (light speed). 

A node-centered FVM is employed for the solution of RTE similarly to flow equations. The 
FVM approach allows treating radiation similarly to the flow equations. However, RTE has 
to be solved for a discrete number of finite control cells and a discrete number of finite solid 
control angles, necessitating thus for angular discretization besides spatial one. Considering 
the aforementioned discretization, equation (7) for a node under examination is integrated 
over its control volume and the examined solid control angle. 

Furthermore, a second-order accurate spatial scheme has been developed, to mitigate false 
scattering and consequently improve the accuracy of the obtained solution by reconstructing 
the nodal values of radiative intensity. It is based on the MUSCL (Monotone Upstream 
Scheme for Conservation Laws) approach, jointed with the Van Albada-Van Leer or the Min- 
Mod slope limiters to control the total variation of the reconstructed field; the required nodal 
gradients are computed with the Green-Gauss linear representation method. The integration 
of the radiation model with the pre-described flow solver is succeeded in an implicit manner, 
hence in pseudo-time iterative steps. 

Wall heat conduction has to be taken into account in order to perform a more realistic 
simulation of the tunnel fire by solving the 1-D wall heat conduction problem in the normal to 
the wall direction. 


3 CFD SIMULATION OF FIRE EVENT IN A ROAD TUNNEL 


3.1 Geometry, fire scenarios, ventilation systems and domain discretization 


The tunnel is examined towards the fulfillment of human & structural safety criteria, for 
a possible fire case. It is a submerged tunnel of 2km length with cross sectional area of about 
70m2 and height 7.5m and it has a 3.5% firstly negative and subsequently positive slope along 
the tunnel axis. In Figure | the tunnel and the region near the fire source are given. 

As worst-case scenario the fire event induced by a burning HGV in the middle of the tunnel 
length and in the driving lane center with HRR up to 60 MW is considered. In compliance 
with tunnel safety guidelines, the tunnel is assumed to be equipped with a longitudinal ventila- 
tion system. 

The vehicle is taken as a rectangular block with the following dimensions (length(x)width(x) 
height): 12(x)2.5(x)3.6 m3. For each fire scenario the peak heat release rate (HRR), the 
growth and the decrease phases were those suggested in the literature (FIT, 2005; Ingason 
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Figure 1. Tunnel cross sectional area in the neighborhood of the fire source and HRR for a 
fast-growing HGV fire of 260GJ. 
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2009). A t2 law for the fire growth phase, followed by a fully-developed constant HRR phase 
and finally exponential decrease, is assumed. The growth phase is taken to be 5min. Fire simu- 
lations are carried out for 55 min burning at highest HRR of 60 MW and then the decrease 
phase is assumed to conclude to negligible HRR after 150 min of total simulation. The total 
produced thermal energy is equal to 260 GJ (Figure 1). 

The existing tunnel, which has been studied in this paper, even if it is not a tunnel of the 
Trans-European Road Network according to the Road Management Agency will be 
improved in future, in compliance with the European Directive 2004/54/EC, with a new longi- 
tudinal ventilation system that will be able to provide a more efficient forced air flow in the 
ascending direction. The ventilation system will be consisted of twenty axial jet fans. The first 
pair of jet-fans will be positioned at a distance of 90 m from the entrance. Each fan is assumed 
to be 2.0 m long with a diameter of 0.7 m and with a ventilation maximum velocity (capacity) 
of 39 m/s so that it can provide an air flow rate of about 15.5 m3/s. 

In ordinary traffic conditions the first pair of fans is active for providing a minimum level 
of ventilation (air average velocity of 2-2.5 m/s), while in the case of fire emergency the activa- 
tion of all fans can supply an air flow up to 9 m/s in order to remove and control smoke and 
toxic gases generated by fire. 

Two different test cases are presented. The first one with ventilation velocity equal to 1m/s, 
corresponding to natural ventilation and the second one with ventilation velocity equal to 6m/ 
s which is almost equal to prevent back-layering as calculated by Saito et al. formulation. In 
both cases the converged flow with 1m/s ventilation velocity was used as initial condition. 

The computational mesh is composed of 708555 nodes and 3359310 volume elements of 
mixed type (tetrahedral and prisms) suitable for the standard k-e turbulence model with wall 
functions. The computational mesh for both cases is denser near the heat source and coarsen 
away from it. 


3.2 CFD analysis results 


Although the high temperatures, developed in a fire event, may lead to extreme damages of the 
tunnel lining, the excess of the concentration limits of the combustion products is the most dan- 
gerous factor for human lives. Therefore, the appropriate ventilation system is required for the 
smoke control. One of the most important aims of a numerical model is the accurate prediction 
of the back-layering length, which is the distance of the smoke front from the heat source. 


Time (min) 


WEKARERARRG 
OLLUT 


Smoke front axial position (m) 


Figure 2. Back-layering length over time for the two cases (left) and Back-layering evolution for ventila- 
tion velocity 1m/s (center) and 6m/s (right). 


The back-layering length is given in Figure 2. We see that in the first test case the ventilation 
velocity did not manage to stop the smoke to move backwards. In the second test case the 
backlayering is negligible, though in the beginning the smoke moved backward for a while. 

The temperature in the region of the heat source is given in Figure 2, 15 minutes after fire 
breaking. The higher the ventilation velocity, the more the temperature field is tilted as 
expected and there is no backlayering for the case with the high ventilation velocity. 

The buoyant character of flow is demonstrated by the combination of vertical and axial vel- 
ocity profiles, which are given in Figure 3 on the y mid-plane of the tunnel. 
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Figure 3. Axial (a) and vertical (b) velocity profiles on y=1.8m cross section. 


3.3. Thermal loads and structural safety analysis 


The input for the estimation of the thermal loads developed on the tunnel lining is the temper- 
atures over time. These temperatures are depicted in Figure 4 at various time instances and in 
different cross sections. In this Figure the temperature distribution is non-symmetric as 
a consequence of the non-symmetric fire source. Higher temperatures are simulated above the 
fire source due to the buoyant and radiative flow and also on the side wall near the heat 
source because of radiation and convection. 

The highest temperatures are less than 12000C and they are developed during the first 
15min of the simulation in a region less than 10m from the fire source. The remaining released 
energy seems to be for spreading the temperature field towards both tunnel ends for the first 
case (1m/s) and towards the tunnel exit for the second case (6m/s). 
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Figure 4. Lining temperature at a section of the tunnel (1m/s left, 6m/s right). x=6m is at the middle 
axial length of the burning HGV. 
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The temperature distribution within the Tunnel cross-section is calculated by the finite elem- 
ent method as part of a thermal conductivity analysis. The temperature profile in the cross- 
section is determined mainly by the influence of the external temperature (maximum tempera- 
ture and exposure time) and the resulting potential thermal effects. For this analysis the SOFIS- 
TiK-Software is used. The analysis provides information on the evolution of temperature 
distribution through the concrete lining in time. In the current analysis, 15 elements are gener- 
ated through the linings thickness (denser elements’ distribution close to the inner side and the 
heat source). The thermal conductivity of concrete is set equal to 25 W/K/m and the emission 
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Figure 5. Calculated temperatures in the top section of the concrete lining for a 260GJ fire. 
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ratio is set equal to 0.4 according to Kordina (Betonkalender, 2003, page 180) in order to also 
consider thermal radiation. The initial temperature conditions is taken equal to 200C. The same 
temperature is imposed as boundary condition to the outer layer nodes of the lining mesh. 

The resulting temperature distribution in tunnel lining depth of the cross-section where 
maximum temperatures occur, for both ventilation velocities considered, are depicted in 
Figure 5 and will be part of the structural analysis described in the following sections. 


4 STRUCTURAL SAFETY ASSESSMENT OF TUNNEL CONCRETE LINING 
SUBECT TO FIRE THERMAL LOADS 


4.1 Coupling of CFD analysis results with structural analysis of tunnels subject to thermal 
loads 


After the fire simulation by the adopted CFD approach, the temperature values are passed as 
input parameters into the FE heat-transfer analysis of the lining which is subdivided in layers. 
The mesh inside the tunnel and the time steps of the CFD computation is considerably finer 
than the corresponding finite element mesh and time steps for the heat transfer analysis within 
the lining. An interpolation for the transfer of data is provided. 

When high temperatures are present, the properties of the concrete and steel material 
depend on the temperature which varies across the thickness of the lining. Residual strains are 
generated from the restraint of the thermal expansion of both concrete and steel that is taking 
place. Within a thermo-mechanical analysis according to EC 2, these residual thrusts are 
resolved. The lining thickness is divided in layers. The material properties of each layer 
depend on the temperature. 


4.2 Simulation of the construction stages 


The surrounding soil discretized and extended in both the longitudinal and the transverse direc- 
tion as usually up to a distance where there is no disturbance from the outer boundaries. This 
network is used to simulate the excavation sequence taking into account elastoplastic behavior 
of the soil and subsequently for the dimensioning and calculation of the reinforcement. 

The construction stages are the undisturbed soil, excavation and lining in place. Start is the 
initial state of the system. An elastoplastic material law with an optimized hardening rule 
(single and double hardening) based on the hyperbolic stress-strain relationship proposed by 
Kondner and Zelasko (13), and which is implemented in the SOFiSTiK structural analysis 
software is adopted. An essential feature of this implementation is the model’s ability to cap- 
ture the loading state and automatically account for the different stiffness in primary loading 
and un-/reloading paths. As a next stage, the thermal loads are applied,. Solution of the non- 
linear system soil-lining is done iteratively. Displacements are varied until reactions and exter- 
nal loading are balanced. 


Figure 6. Thermal loads applied on shell elements of tunnel inner lining, during fire evolution. t =40 
min and t =50 min. 
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Figure 7. Construction stages for obtaining the structural loads on the tunnel shell. FE mesh primary 
stresses of undisturbed soil, stresses after excavation and lining in place stresses 60 min after fire ignition. 


4.3 Design of the concrete tunnel lining subjected to fire 


The tunnel lining is discretized with 4-noded shell elements. The elements are subdivided in 
layers with increasing thickness towards the soil. Layers are identified with individual material 
properties which are temperature dependent and the reinforcing steel bars are assigned the tem- 
perature of the zone where placed. The material properties and thermal strains are according to 
the EC2 temperature curves for concrete and steel. The calculation method takes into account 
the nonlinear material behavior, cracking and the associated reduction in stiffness (stiffness 
reduction condition state II) as well as the temperature-dependent material properties. 

In the iterative internal forces calculation, the constrained internal forces resulting from the 
fire action are taken into account. The non-linear strain distribution in the concrete cross- 
section determined in the thermal analysis is superimposed with the non-linear strain distribu- 
tion resulting from the service loads. 
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Figure 8. Thermal applied load (left) and generated stresses on element material and reinforcement 
(right) through a single shell element thickness, during fire evolution at 50min (SOFiSTiK). 


The design of the load-bearing capacity is carried out without safety factors. Loads are 
taken into account with their permanent portion. Then, for a given point in time, at all sec- 
tions of the tunnel shell affected by high temperatures, a structural strength verification is per- 
formed. The stress-strain relation is dependent on the temperature. The different thermal 
strains in the cross-section are taken into account as residual stresses. The bearing capacity for 
the section is calculated by dividing the cross section in layers and considering the shifting of 
the working lines by the thermal strains. 


Figure 9. Design reinforcement [cm2/m] of tunnel lining due to thermal loads for example at times 
60min and 70min. Presented only areas, where reinforcement is required. 
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5 EVALUATION OF CFD RESULTS ACCORDING TO HUMAN SAFETY CRITERIA 


CFD analysis results are used for the estimation of critical field quantities and their spatiotem- 
poral distribution for the assessment of human safety according to justified tenability limits. 

The first 15min after fire start are considered as the most critical for the safe evacuation of 
passengers in the aftermath of a fire event in tunnels. Within this time interval, the safe arrival 
of Fire Services and rescue teams should also be attainable. 

Maximum temperature, spatial distribution along evacuation paths, radiant heat flux and 
back layering length are the most prominent safety indicators for safe evacuation during fire 
incidents. The tenability upper limit for temperature is 800C for exposure time up to 15min. 
The corresponding limit for the radiant heat flux is 2.5 kW/m2. All tenability criteria are 
checked along the evacuation paths on the side pavements towards the emergency exits or the 
tunnel exits. The ventilation efficiency is also evaluated. 

Regions where temperature exceeds 800C are presented at two time instances for both venti- 
lation velocities. We see that when ventilators are activated the point of maximum temperature 
shifts downstream almost 6 m after the end of the heat source and no backlayering is observed. 
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Figure 10. Axial distribution of temperature along the side pavements Ventilation velocity 1m/s and 
6m/s and temperature on tunnel cross section along evacuation direction at t=15min and x=0m. 
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Figure 11. Radiant heat flux on tunnel lining. 


The axial distribution of temperature at human height level along the side pavements over 
time (Figure 10) combined with temperature distribution on various tunnel cross sections can 
clarify evacuation conditions. 

Finally, in Figure 11 the radiant heat flux on the tunnel lining at t=15min is presented. It is 
obvious that values higher than the radiant heat flux limit of 2.5kW/m2 are observed only in 
the vicinity of the fire source for both cases. For the second case, with ventilation velocity 
equal to 6m/s, negligible radiant heat flux is observed in the upstream direction. It should be 
noted that all the CFD results presented above are in good agreement with similar simulations 
in the literature (Caliendo et al. 2012). 


6 CONCLUSIONS, FURTHER DEVELOPMENTS 


A unified procedure on the same model and mesh for all simulations, safety, ventilation, fire, 
excavation dimensioning, reinforcement in the tunnel design loop is presented. All nonlinear 
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structural calculation with SOFiSTiK is performed using a 3D model which includes elasto- 
plastic behavior of the soil, temporary and permanent lining. The “hot” design carried out on 
the example of the above tunnel cross-section has shown that sufficient load-bearing capacity 
is available in case of fire Based on a unique 3D model, multi-physics simulations are incorp- 
orated in the tunnel design loop reducing the analysis time duration. 

Additional important characteristics of the numerical model is the accurate prediction of 
the backlayering length and the critical velocity of tunnel ventilation to avoid backlayering 
effect. The simulation of fire propagation within a tunnel, the diffusion of its volatile and 
harmful products in order to predict consequent injuries and the simulation of fire suppression 
systems render the proposed calculation framework a valuable tool for the design of tunnels 
under fire emergency conditions. 

A Fast Fluid Dynamic algorithm has also been implemented and is used as a complementary 
analysis of the CFD one. The simplified FFD analysis can provide fire evolution simulation in 
near real time in order to be exploitable for training purposes (even for physical training). The 
implemented FFD technique is completely new in the literature since it shares with the CFD 
algorithm the same unstructured meshes for an immediate/easy exchange of data/models/results 
between each other. The method is being validated through a sufficient number of benchmarks. 
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ABSTRACT: The present research aims to investigate the effect of the rock mass disturb- 
ance due to the tunnel excavation method, as incorporated through the disturbance factor (D) 
in the Generalized Hoek & Brown (2002) rock mass failure criterion, on the tunnel lining load- 
ing. Particular emphasis is given on the drill and blast method, which is the most common 
tunnel excavation method in intact or massive and blocky rock masses, both in civil and in 
mining engineering. The tunnel perimeter blasting charge determines the tunnel overbreak 
and the disturbance zone around the tunnel perimeter. Thus, the tunnel lining may be over- 
loaded due to the development of the disturbance zone with higher than the anticipated and 
designed load values. In order to investigate the disturbance zone’s effect on the tunnel sup- 
port measures, two dimensional numerical analyses are used, based on the RS2 — Rocscience 
software. Different quality rock masses are examined, with GSI values ranging between 60 
and 80 while the disturbance factor D takes values between 0 and 1, incorporating in the ana- 
lysis all possible blast conditions. From the parametric numerical analysis, it is shown that the 
increment of the rockmass disturbance due to the tunnel excavation has a significant effect in 
the tunnel lining’s overload, where for low rockmass disturbance the lining load increases 
higher than 30%, especially on the tunnel perimeter rockbolts. Moreover, the effect of the 
rockmass disturbance increases the tunnel deformation higher than 10%, in a comparison 
with non — rockmass disturbance. 


1 INTRODUCTION 


Tunnel excavation predominately affects the vicinity of the mined area where a further 
damage and deterioration of the rockmass’ characteristics is experienced. This is due to several 
mechanisms taking place, some of which are often interconnected. The first one, mainly 
located near the tunnel’s boundary is influenced by the excavation’s effect, including the blast- 
ing’s impact there. This results either in the initiation and development of new cracks or in the 
increase of the aperture and persistence of pre-existing joints and other weakness planes, 
deteriorating rockmass characteristics. The second is usually associated with the increment of 
the stress on the outer zone of the excavation boundary, as a result of the excavation itself. 
This stress applied to a deteriorated rockmass finally leads to overstressing and related failure 
phenomena. These zones are well portrayed in Figure 1, along with their characteristics and 
their location with respect to the tunnel’s phase (Siren et al. 2015). 

The above indicate that the disturbance zone could result in the relaxation and dilation of 
the rock masses and the significant decrease of the rockmasses properties as identified and 
analyzed by many researchers, especially when important underground structures are to be 
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used and crack propagation is to be properly assessed (Pusch, and Stanfors, 1992; Bossart 
et al. 2002; Hudson et al. 2008). Furthermore, Hoek et al. (2002) have tried to incorporate it 
in their Hoek and Brown failure criterion through the introduction of the relevant disturbance 
factor (D), which expresses the degree of disturbance to which the rock mass has been sub- 
jected by blast damage and stress relaxation. 


PY ia A is bs, x% Stress-induced excavation damage zone 


; Sr < + Zone of stress induced 
*. 3 irreversible damage 


* Major property changes 


Construction induced excavation damage 
zone (EDZ_.) 
* Damage caused by construction 
method 
* — Significant property changes 


Excavation influenced zone (EIZ or EdZ) 
+ Zone of stress induced 
reversible changes 
+ Minor property changes 


- — F Blast-Induced damage zone (BIDZ) 
a F: * Zone of blast induced 
3 - irreversible fracturing 
er - + Extremely significant property 
changes 


Figure 1. Identification of damage zones around a tunnel excavation with their definitions (adapted 
from Siren et al., 2015). 


The main investigation area of the present study, is the zone which located near the bound- 
ary of the tunnel and is associated with the effect of the excavation’s operations and more 
particularly of the blast-induced damage that can have major impact in the tunnel’s stability 
conditions (Emsley et al. 1997; Bastante et al. 2012; Torbica and Lapčević, 2015). The drill-and 
-blast method is amongst the predominant method of excavation in good quality rockmassess 
and this fact can sometimes mask the extend of the associated problem. Additionally, the dis- 
turbance factor (D) is often overlooked in the design stage under the assumption of a good 
blasting practice, which is usually not achieved. 

Based on the above, 2D numerical analyses used in order to estimate the loading conditions 
in the tunnel lining, rockbolts as well as the overall tunnel performance when different disturb- 
ance factors (D) are selected over a wide variety of GSI values. In this manner, the compara- 
tive assessment of the disturbance zone’s effect can be made possible and valuable conclusion 
can be exacted. 


2 NUMERICAL MODELLING TO ASSESS THE DISTURBANCE EFFECT 


The present study is based on two-dimensional (2D) numerical analysis of a typical tunnel 
excavation by using the FEM software RS2 — Rocscience. The examined case, simulate an 
arched shaped road tunnel, with a span of S = 12.2m, which is excavated in good quality rock 
mass, having GSI values ranging from 60 to 80. The excavation is consisted by two separate 
phases; the top — heading is excavated first followed by the bench excavation at a later stage. 
In such particular cases the most common excavation method is the drill and blast method 
(D&B), where potentially the detonation of the explosives could inflict further disturbance in 
the vicinity of the tunnel surrounding rockmass. 
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The tunnel primary lining, consists of the application of t = 15cm thickness shotcrete C30/ 
37 and the installation of a pattern bolting scheme, namely L= 4.0m length Swellex bolts with 
a tensile capacity of fy = 160 kN in a staggered bolt pattern of 1.50 x 1.50m. Finally, the 
tunnel excavation advance is set to 3.0m, equal to the length of the blast boreholes. 

Three different scenarios of tunnel overburden height (H) are simulated, with values of 50, 
100 and 200m. The rockmass is modelled as a linearly elastic - perfectly plastic material, yield- 
ing according to the Generalised Hoek-Brown failure criterion (Hoek et al, 2002). For the 
intact rock parameters, the present investigation is based on geotechnical parameters coming 
from two tunnel project in Greece, where the excavation has been made in limestone and in 
sandstone rockmasses, respectively. In Table 1 the values of the intact rock are presented, 
according to the associated lithology. 


Table 1. Intact rock parameters for the numerical investigation. 


Rock type GSI UCS (MPa) mi Unit weight (kN/m*) E; (GPa) 
Limestone 60 - 80 50 12 26,0 20 
Sandstone 60 - 80 40 17 23,0 10 


In order to investigate the effect of the tunnel excavation to the rockmass’ disturbance the 
numerical models developed follow a predefined pattern as follows (Figure 2). A blasting dis- 
turbance zone is set around the excavation’s boundary at a distance of 2.5m. In this particular 
EDZ section, the effect of the rockmass disturbance is described and modelled by applying 
variable values of the disturbance factor (D) as per the Generalised Hoek-Brown failure criter- 
ion (Hoek et al, 2002), where D is set between 0 (no disturbance) and 1 (maximum disturb- 
ance) with an increment step of 0.2. In the outer rockmass beyond the EDZ, the disturbance 
factor D is set to 0. 


Disturbnace zone D= 0 - 1 


Figure 2. Numerical simulation of the disturbance zone around the excavation. 


The tunnel primary shotcrete lining and rockbolts, are simulated with elastic behaviour. In 
order to take into account the effect of the tunnel pre — coverage of due to the excavation 
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third dimension, a tunnel convergence - confinement method of Carranza — Torres & Fairhurst 
(2000) is used. Moreover, the tunnel pre — coverage is estimated by the empirical longitudinal 
displacement profile method (LDP) of Chern et al. (1998). In the numerical models the tunnel 
deconfinement due to the tunnel pre — convergence is simulated with the equivalent tunnel 
support pressure (pi) due to the tunnel deconfinement (A), according to the following formula: 


Pi=(1—A)po (1) 


where (pi) is the tunnel equivalent support pressure; (A) is the tunnel deconfinement factor; 
and (p,) is the geostatic field stress. 

Through the results obtained by the numerical modelling a number of parameters can be 
recorded so as to assess the disturbance’s effect on the tunnel. More particularly, data related 
to the tunnel convergence via the total excavation displacement and the maximum horizontal 
displacement on the tunnel perimeter, is recorded. Moreover, the maximum axial force both 
on tunnel lining and rockbolts, as well as the maximum bending moment of the tunnel lining, 
are also investigated and presented hereinafter. 


3 EFFECT OF THE ROCKMASS DISTURBANCE ON THE TUNNEL 
CONVERGENCE 


The following Figures 3 and 4, present the increase of the maximum total displacement and 
the maximum horizontal displacement on the tunnel perimeter, in five points on the tunnel 
crown (1 point) and on tunnel side wall in the middle of the tunnel top heading (2 points) and 
bench (2 points), with respect to the increment of the disturbance factor D. The amount of the 
measured increase, is calculated and compared with the base value of the excavation displace- 
ment, where D is set to 0 (no disturbance effect). 
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Figure 3. Increment of the tunnel total displacements, with respect to the increase of the disturbance 
factor (D), for different cases GSI rockmass values. 


According to the previous graphs, the rockmass disturbance due to the tunnel excavation 
has a significant impact on the tunnel convergence. The total tunnel displacements can be 
increased up to 90% for a poor blasting scheme (D = 1), as comparted to a perfectly blasted 
tunnel with minimal or no disturbance (D = 0); if a relatively mediocre blasting performance 
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Horizontal Displacements 
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Figure 4. Increment of the tunnel horizontal displacements, with respect to the increase of the disturb- 
ance factor (D), for different cases GSI rockmass values. 


is experienced (D = 0.4 - 0.6) then, an increase in the total displacements up to 50% can be 
expected. The same trend is recorded on the tunnel horizontal displacements, where the effect 
of the rockmass disturbance on the tunnel convergence increment is higher, as the tunnel hori- 
zontal displacements is expected to increase more than 1.2 times for cases where the rockmass 
disturbance is maximized (D = 1). As presented at the following Figure 5, the effect of the 
rockmass disturbance is significant in the increment of the tunnel deformation, as recorded on 
the total displacements, where for the same rockmass characteristics, the increment of the 
maximum deformation is about lcm. 
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Figure 5. Comparison of the increment of the rockmass disturbance on the tunnel deformation, 
between cases of non — disturbance (D=0) and total rockmass disturbance (D=1). 
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4 EFFECT OF THE ROCKMASS DISTURBANCE ON THE TUNNEL LINING 


The variation of the tunnel lining axial forces and tunnel lining bending moments, with respect 
to the increment of the disturbance factor D is presented in the following Figures 6 and 7 
respectively. As previously noted this variation is given as a comparison with case where no 
disturbance is experienced (D = 0). 
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Figure 6. Variation of the tunnel lining axial force, with respect to the increase of the disturbance factor 
(D), for different cases GSI rockmass values. 
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Figure 7. Variation of the tunnel bending moment, with respect to the increase of the disturbance 
factor (D), for different cases GSI rockmass values. 
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It is shown that the increment of the rockmass disturbance has a significant effect on the 
loading of tunnel lining. As the rockmass disturbance increases, the rockmass strength is 
reduced in the disturbed zone and a plastic zone starts to be formed and gradually expanded 
around the excavation, due to the rockmass imposed stress. Thus, the tunnel overload factor 
(Ccm/Po) according to Hoek & Marinos (2000), reduces as the rockmass strength (6¢m) is also 
reduced and hence strain is increased causing the increase of loads imposed on the tunnel 
lining structure. This overloading is shown on the previous graphs, where both tunnel lining 
axial force and lining bending moment increases considerably. 

The rockmass disturbance, can potentially increase the tunnel lining’s axial forces up to 
30% as compared with cases of non-disturbed rockmass. More particularly this effect can 
start from a 10% increase in loading values recorded in cases with low rockmass disturbance 
(D = 0.2) while it seems to be stabilized in values up to 20% - 30% in cases where the disturb- 
ance factor D is greater than 0.6. 

Moreover, in some modelling cases where the tunnel overload factor is low, meaning com- 
bination of high overburden height (H) and lower rockmass GSI values, tunnel lining failure 
was recorded, especially in cases having medium to high rockmass disturbance (D > 0.6). In 
those cases, the tunnel lining thickness must be increased, in order to remain within elastic 
behavior and mitigate the failure phenomena. 

In addition, the tunnel lining’s bending moment increases also, as the rockmass disturbance 
increases. According to Figure 7, the tunnel lining bending moment increases up to 10% for 
low rockmass disturbance (D= 0.2 - 0.4) and reaches an increase up to 60%, in relation to the 
non-disturbed rockmass, for cases of highly disturbed rockmass (D = 1). 

According to the previous graphs, the tunnel lining loads increases rapidly as the rockmass 
disturbance increases and thus the tunnel lining tends to fail. Thus, the tunnel designer must 
take into account the tunnel lining overload, due to the rockmass disturbance. 

In Figure 8, is presented the increment of the rockbolts load in a comparison with the rock- 
mass disturbance increment. 
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Figure 8. Increment of the rockbolts load, due to the increment of the disturbance factor (D) of the 


Generalized Hoek-Brown failure criterion (Hoek et al, 2002), for different cases of rockmass GSI. 


According to data presented the tunnel rockbolts load increases rapidly with the increase 
of the rockmass disturbance. For cases of low to medium rockmass disturbance (D = 0.2 -0.4) 
the rockbolts load increases up to 25%, where for cases of medium rockmass disturbance 
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(D = 0.6) the rockbolts load increases up to 50% and reaches values of up to 150% in highly 
disturbed rockmass cases (D = 1). In some cases, the effective stress load on rockbolts, is 
higher than rockbolts yield strength and rockbolts are failed, due to the increment of rock- 
mass disturbance (zero difference on axial load in a comparison with increment of rockmass 
disturbance). 

The effect of the rockmass disturbance, is higher on the tunnel rockbolts’ loading than the 
tunnel’s shotcrete lining forces. 

The rockmass disturbance, cap potentially increase the rockbolts axial force up to 200%, as 
compared with cases of non-disturbed rockmass cases. According to the previous graph, the 
axial force of the rockbolts increases linear as the rockmass disturbance increases, where for 
low rockmass disturbance (D = 0.2), this effect can start from a 20% increase in loading 
values recorded and achieved increment up to 200% for cases of highly disturbed rockmass 
(D = 1). Based on the numerical investigation records, in most of the cases with high rockmass 
disturbance (D 2 0.6), the rockbolts are yielded due to the increment of axial force. 


5 CONCLUSIONS - DISCUSSION 


Based on the data presented, the simulation of the rockmass disturbance due to the tunnel 
excavation has a significant impact on the tunnel support overload and on the tunnel deform- 
ation, as compared and benchmarked against cases having no rockmass disturbance (D = 0). 
More particularly, for typical tunneling operations having (rockmass disturbance D = 0.2 - 
0.3) the tunnel lining can experience additional loads over than 15%, while the axial loading 
on the rockbolts can be higher than 20%. At the same time, the tunnel deformation can have 
higher values of around 10%, with respect to a non-disturbed rockmass. Moreover, from the 
numerical investigation it was observed that the increment of the rockmass disturbance, due 
to the poor quality of excavation/blasting, increases the plastic zone around the excavation as 
the rockmass strength (Ocem) is reduced. A characteristic example, is that in case of intermedi- 
ate rockmass conditions (GSI = 60) under high tunnel overburden height (H = 200m), the 
radius of plastic zone increases higher than 200% when the rockmass disturbance factor 
D = 1, ina comparison with case of non — rockmass disturbance (D = 0). 

As indicated, in contemporary practice, the tunnel designer can overlook the effect of the 
excavation operations and blasting. Consequently, the tunnel support design adopted, espe- 
cially when rockmasses of lower quality are encountered, coupled with typical blasting 
arrangements could result in a risk-prone environment to the overall support scheme. To miti- 
gate this, a more rigorous attention should be paid to the blasting design and special tech- 
niques should be used to control crack initiation. Last but not least, one should take into 
account that employing a more aggressive support design, with additional support measures is 
a valid strategy to reduce the risk of tunnel lining failure due the rockmass disturbance over- 
load. Such measures need to be employed in the absence of the afore mentioned careful blast 
design so as to offset all its negative impacts. 
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ABSTRACT: The present research aims to investigate the optimal design parameters of the 
tunnel face pre — support, where the conventional tunnel excavation method is implemented, 
by using forepoling umbrella and/or fiberglass nails. The research is based on numerical inves- 
tigation, in both cases of shallow and deep tunnels, by usage of the Simulia ABAQUS FEM. 
During the numerical analysis, the tunnel face deformation (extrusion) and the tunnel face 
pre — support measures response were recorded, in occasions of different rockmasses and vari- 
ous tunnel overburden heights. From the results of the several design parameter, was specified 
the optimal length of the support measures in order to achieve the maximum effectiveness. 
For both tunnel face reinforcement with fiberglass nails and/or tunnel face pre — support by 
forepoling umbrella, were exported non — dimensional nomographs and expressions, in order 
to be useful for the tunnel designer. 


1 INTRODUCTION 


The stability of the tunnel face is one of the most critical factors for the safety of the staff working 
underground, the cost of the project but also the safety on the surface buildings when referring to 
swallow tunnels. For that reason, in weak grounds, it is essential to apply pressure on tunnel face 
constantly, either by the use of EPB/Slurry TBMs in mechanized tunneling or by various face sup- 
port techniques (fiberglass nails, forepolling, ground treatment etc) in conventional excavations. 

Whenever is required to pre-support the tunnel face in conventional excavations, with forepol- 
ling umbrella or fiberglass nails, shall ensure that the support measures are being installed in 
sound ground. The deformation of the surrounding ground of a tunnel always starts behind the 
tunnel face and it is manifested through the face extrusion, i.e. the axial face movement. The exten- 
sion of the deformed/plasticized ground (plastic zone) is correlated to the ground mechanical char- 
acteristics and the assessment of the length of the plastic zone will determine the overlap length of 
the forepoles/fiberglass nails. A good estimation of the support measures length will ensure their 
proper functionality, transferring the loads to the healthy ground and minimizing the risk of 
failure. 

Nowadays it is very common in the tunneling projects to estimate the length of the support 
measures by using the silo approach with the method of limit equilibrium (Anagnostou and 
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Kovari, 1994). In complicated ground conditions the 3D FEM analysis is offering more detailed 
information of the axial face movement (extrusion) which lead in more concrete solutions that 
will tackle unfavorable face failures. 


2 NUMERICAL INVESTIGATION 


In order to investigate the tunnel face response, in cases of tunnel face reinforcement by fiber- 
glass nails and/or forepoling umbrella protection, three dimensional (3D) numerical analysis 
designed in the FEM program Simulia ABAQUS. The simulated tunnel had a non — circular 
shape with equivalent tunnel diameter D= 10m and the tunnel excavated in two phases; a) top 
heading with temporary invert and b) bench with final invert. The tunnel overburden height 
(H) set to 20 - 40m for cases of shallow tunnels and 100 — 200m for cases of deep tunnels, 
measured from the tunnel axis. 

In the numerical models only the tunnel top heading excavated in order to record the amount 
of the tunnel face extrusion, as the length of tunnel face pre-support measure (fiberglass nails or 
forepoling umbrella) reduces. 

In order to determine for the optimal length or the equivalent overlap length of the tunnel 
face pre — support measures, the tunnel pre-support measures installed from the early stages of 
the numerical analysis, with total length of 40m. The first 20m of the tunnel top heading exca- 
vated in one stage and then, the tunnel excavation advance was Im. As the tunnel face pre-sup- 
port length reduced, according to the tunnel face advance, the tunnel face average horizontal 
displacement (Uy) recorded. Moreover, in every excavation step as the tunnel face pre — support 
measure length reduced, the axial force (P,xj)) in the fiberglass nails and the bending moment 
(M) in the forepoling umbrella, recorded according to the case of tunnel face pre — support by 
fiberglass nails and/ or forepoling umbrella. From the numerical investigation records, the main 
criterion for choose the optimal length of the tunnel face pre — support, is the tunnel face extru- 
sion — displacement (Up), when this value increases rapidly. Moreover, the previous assumption 
in cases of poor ground conditions, was verified too, when the axial force (P,xia)) in the fiberglass 
nails or the bending moment (M) in the forepoling umbrella increases too. 

On Figure 1, is presented a characteristic example of shallow tunnel which excavated in 
a poor soil and the tunnel face is pre — supported by fiberglass nails. For that case the opti- 
mal length of the fiberglass nails (Lyc) is 6m, as the tunnel face defamation (Un) and fiber- 
glass nails axial force (Paxiai) increases rapidly, when the fiberglass nails length is lower 
than 6m. 
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Figure 1. Chrematistic example, of estimation of the optimal fiberglass length (Lrg) in 6m, as the 


tunnel face deformation (Uh) and fiberglass nails axial force (P.xia1) increases rapidly, for lower fiberglass 
length of 6m. 
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In the numerical models, the tunnel lining consist of 30cm thick shotcrete, placed 1m 
behind the excavation face.The shotcrete liner is modelled with linearly elastic 4-noded shell 
elements, with a relatively low initial concrete modulus (E = 15 GPa) to account for gradual 
concrete setting time during tunnel advance. 

For shallow tunnels, the ground is modelled as a relatively stiff elastic - perfectly plastic mater- 
ial, with elastic modulus (E), yielding according to the Mohr-Coulomb criterion. The ground 
unit weight is 20 kN/m’, soil cohesion (c’) ranges between 20 and 50 kPa, soil friction angle (9’) 
ranges between 22,5° and 30° and the elastic modulus (E) ranges between 80 and 200 MPa. For 
deep tunnels, the rockmass is modelled as a linearly elastic - perfectly plastic material, yielding 
according to the Generalised Hoek-Brown failure criterion (Hoek et al, 2002). The examined 
cases for deep tunnels are weak or heavily fractured rockmass with unit weight 25 kN/m’, intact 
rock properties o,; = 10 MPa and E; = 2 GPa, Poisson ratio v = 0.33 and Geological Strength 
Index in the range GSI = 25 to 45 (three cases). In all cases, the horizontal stress coefficient (Ko) 
set to 0,5 and 1. Moreover, all examined cases are based on dry ground conditions, due to the 
fact thath drainage holes are used in tunnel excavation projects. Thus, the examined failure 
mechanism of the tunnel face, is based on dry ground conditions. 

In cases of tunnel face reinforcement by fiberglass nails, two tunnel face reinforcement dens- 
ities (p) examined in cases of shallow tunnels: p= 1 nail/1m7, 1 nail/2m? and in cases of deep 
tunnels, three tunnel face reinforcement densities (p) examined: p= 1 nail/0,75m7, p= 1 nail/ 
1m? and 1 nail/2m7. The yield load (Fy) of each fiberglass nail is 200 kN and the elastic modu- 
lus E= 40 GPa. The fiberglass nails in the numerical investigation, simulated as truss elements 
with elastic — perfectly plastic behavior. 

In cases of tunnel face protection by forepoling umbrella, forepoling tubes are modelled with 
horizontal beams spanning the tunnel crown at an angle 120 degrees (60 degrees at each side of 
the crown) with spacing S = 0.50m. The beams are modelled as elastic — perfectly plastic with 
elastic modulus E = 200 GPa, Poisson ratio v = 0.25 and yield stress 235 MPa. The following 
two types of forepoling beams are used in the analysis: 114.3/100.3 and O168.3/154. 

The forepoling tubes and the fiberglass nails are added in the FEM model as beams and truss 
elements respectively. Due to the complexity of the 3D FEM model, the accuracy of the interface 
strength between these structural elements and the surrounding ground may be limited. 

In order to corelate the conclusions of the present investigation for the optimal tunnel face 
pre — support length with the ground conditions, the tunnel face stability parameter (As) used 
from Georgiou et al. 2022, based on the following formula: 


Som H 0.35 
ree (a + | (5) i 


where (cm) is the soil/rockmass strength; y is the ground unit weight; Ko is the horizontal 
geostatic stress coefficient; H is the tunnel overburden height from the tunnel axis and D is the 
tunnel face equivalent diameter. Based on the previous equation and research of Georgiou 
et al. 2022, in cases of Aç < 1, the tunnel face is potential unstable. The present research use 
the value of Aç = 1 as the upper bound where the tunnel face pre-support measures are neces- 
sary. tunnel face pre — support by forepoling umbrella. 


2.1 Forepoling umbrella overlap length 


One of the most critical parameters on the tunnel face support by forepoling umbrella, is the 
overlap length between two continues forepoling umbrellas. As the overlap length is reduces, 
the tunnel face core tends to fail when the geotechnical conditions are poor and the geostatic 
load is high. Moreover, there is a critical failure surface, similar with cases of slope stability, 
where the tunnel face will slide and collapse. When the forepoling umbrella tubes has lower 
length than the expected failure surface, the tunnel face will collapse. Thus, the forepoling 
umbrella overlap length must be higher of the expected failure surface. 
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From the numerical investigation, it was observed that the tunnel forepoling umbrella min- 
imum length (overlap length) in order the tunnel face to be stable depends on the ground con- 
ditions and tunnel geometrical characteristics. On the other hand, the impact of the forepoling 
umbrella stiffness on the overlap length has minor influence on the overlap length. Moreover, 
the combined tunnel face pre — support by forepoling umbrella and tunnel face reinforcement 
by fiberglass nails, has a minor reduction on the forepoling umbrella overlap length, especially 
in cases of shallow tunnels. 

At Figure 2, is presented the correlation between the optimal overlap length of the forepoling 
umbrella (Lpp) and the ground conditions via the tunnel face stability parameter (^p), based on 
the following formula: 


Lrp =0,35D Ay '? (2) 


where Lpp is the optimal overlap length of the forepoling umbrella; D is the equivalent tunnel 
diameter; and Aris the tunnel face stability parameter (Equation 1). 


=-=- Eq. 2 
x øØ114.3/100.3 
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Figure 2. Correlation between the optimal overlap length of the forepoling umbrella (Lpp) and the 
tunnel face stability parameter (^p) for different forepoling tubes stiffness. 


From the previous graph, is summarized that for poor ground conditions (meaning ^ç < 1), 
the forepoling umbrella overlap length must be equal or higher of the tunnel diameter (D). 


2.2 Forepoling umbrella response 


In cases of tunnel face pre — support by forepoling umbrella, one of the most critical param- 
eters for the support system design is the expected maximum bending moment on the forepol- 
ing umbrella tubes, in order not to yield. The maximum acceptable plastic bending moment 
(M,p) on a forepoling umbrella can be calculated via the following equation, based only on 
the geometrical characteristics of the forepoling umbrella and its stiffness. 


Mpi F 6 (dex = din?) (3) 


where d,,,;= external diameter of the forepoling tube; d,,,,= internal diameter of the forepoling 
tube; and o, = yield strength of the forepoling tube. 

From the numerical investigation, it was observed that the tunnel overburden height (H), 
by meaning of the total stress on the forepoling umbrella tubes has a significant impact on the 
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tube loading, as in cases of lower overburden height, the pipe loading is lower, than in cases of 
high tunnel overburden height. 

Moreover, the numerical investigation shows that the lateral earth pressure ratio at rest 
(K,) has significant impact in the maximal developed bending moment (M,,,x) of the forepol- 
ing umbrella. In cases where the lateral earth pressure ratio at rest Ko = 1 (hydrostatic condi- 
tions), the maximal bending moment is higher (equal to double) than in cases of K, = 0.5. On 
the following Figure, is presented the maximal developed bending moment (M,,,x) on the 
forepoling umbrella for a shallow tunnel, which is excavated in a poor soil for different values 
of lateral earth pressure ratio at rest K, = 0.5 and 1. 

From the graphon Figure 3, the maximum bending moment on the forepoling umbrella 
tubes, is recorded on the tunnel crown tubes than on the side tunnel area tubes, for both cases 
of lateral earth pressure ratio at rest K, =0,5 and 1. 
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Figure 3. Maximum bending moment on the forepole tubes around the tunnel perimeter for a shallow 
tunnel in a poor soil, with different values of lateral earth pressure ratio (Ko). 


Based on the records of the numerical investigation for both shallow and deep tunnels, the 
maximum expected bending moment (M max) on the forepoling umbrella is correlated with the 
ground strength and the tunnel geometrical parameters. Previous researches as Oreste & Peila - 
1998 and Dias -2013, can estimate the maximum bending moment on the forepole tubes or the 
maximum pressure on them, based on analytical solutions using the spring — stiffness method. 

In order to estimate the expected maximum bending moment (Mmax) on the forepoling 
tubes, the present research correlate the ratio Mmax/M,) from Equation 3, with the ground 
strength and the tunnel geometrical parameters, using the following formula: 


Mmax = 
M, =0, 004N ground 1:3 (4) 


pl 


Ocm H -9 
Nground = (2 ) (5) (5) 


where Noyound = non — dimensional ground factor; Cem = soil or rockmass strength; o, = verti- 
cal stress on the tunnel axis; H = tunnel overburden height; and D = tunnel diameter. 
In the graph on Figure 4, is presented the correlation between the expected ration Mmax/Mp1 
and the factor Ngsrouna Over the numerical investigation results, using the Eg. 5. 
From Figure 4, it is obvious that in cases of poor ground conditions (low values of Ngrouna), the 
expected loading of the forepoling umbrella by means of the bending moment, increases rapidly 
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Figure 4. Correlation between the ratio Mmax/M,) and the non — dimensional ground factor (Ngrouna) 
for shallow and deep tunnels, using the Equation 4. 


as the tunnel face tends to fail due to the increment of the tunnel face extrusion. On those cases, 
the forepoling umbrella has a significant impact on the increment of the tunnel face stability, due 
to the reduction of the tunnel face extrusion and reduction of the vertical stress (o,) on the tunnel 
face core. In addition, the maximum ratio Mmax/M,) on our numerical analysis reaches about 
60% and refers to poor rockmass conditions and high overburden stress. 


3 TUNNEL FACE REINFORCEMENT BY FIBERGLASS NAILS 


3.1 Fiberglass nails overlap length 


The main purpose of the fiberglass nails is the increment of the horizontal stress (op) in front 
of the tunnel face in order to minimize the tunnel face extrusion. When the ground is exca- 
vated the horizontal stress in the tunnel face tends to be zero. Due to the reduction of the 
horizontal stress (on) and the active vertical stress (o,) the tunnel face behave in similar way to 
the triaxial shear test, where the reduction of the horizontal stress (op) increases the rapid fail- 
ure of ground, while the vertical stress (o,) is maintained. On the other hand, when the hori- 
zontal stress (op) increases, as a result of the tunnel face reinforcement, the potential failure of 
the tunnel face tends to decrease. 

From the analyses carried out for the shallow tunnels (H<50m), aroused that the minimum 
overlap length of the nails (Lrg), depends on the mechanical characteristics of the soil and the 
intensive loading conditions. For the grounds investigated, it was observed that supporting 
the tunnel face with fiberglass nails affected drastically the decrement of surface subsidence. 
Even in occasions with low density the subsidence reduced a lot. While concluded that inde- 
pendently of K,, the decrement of extrusion when installing nails with density of p = 0,5 nail/ 
m’ it is significantly higher from a density of p = 0,25 nail/m”. 

On the other hand, in deep tunnels (H=>=50m) it was observed that the tensile force of the 
nails was increased as the depth increased, due to the increased o} in the bigger depths. The 
nails’ tensile strength was challenged, thus it was selected to use denser installation pattern 
with 1.25 nails/m*. Same conclusion on the effect of the tunnel face reinforcement density for 
both shallow and deep tunnels, verified from 3D numerical analysis on Georgiou, D. (2021) 
research. 

On both shallow and deep tunnels ascertain that the minimum overlap length depends on 
the in-situ geotechnical conditions and the height of the overburden, and of course this cannot 
be constant, due to the many factors that affect it. 


583 


At Figure 5, is presented the correlation between the optimal overlap length of the fiberglass 
nails (Leg) and the ground conditions via the tunnel face stability parameter (^p), based on 
the following formula: 


Lrg = 0,5 DA °* (6) 


where Lpg is the optimal overlap length of the fiberglass nails; D is the equivalent tunnel 
diameter; and Ar is the tunnel face stability parameter (Equation 1). 


Figure 5. Correlation between the optimal overlap length of the fiberglass nails (Lpp) and the tunnel 
face stability parameter (^p) for different forepoling tubes stiffness. 


The best fitting curve of the Equation 6 on Figure 5, is drawn in records of lower values of 
tunnel face reinforcement density, as the present research doesn’t investigate the effect of the 
tunnel face reinforcement density on the optimal length of the fiberglass nails. In the examined 
densities of the present research, the differences between the optimal length of the fiberglass 
nails for different tunnel face reinforcement densities, are not significant. 


3.2 Fiberglass nails response 


From the numerical investigation the maximal axial force in each fiberglass nail was recorded, 
as it is one of the most critical parameter in the tunnel face reinforcement design, in order the 
nails to be workable and not yielded. The expected maximum tensile load on the tunnel face 
fiberglass nails, due to the tunnel face extrusion, can be described by the working level (WL) 
of them where is the ratio of the expected tensile stress on fiberglass nails over the maximum 
tensile strength of them. 

Based on the investigation records, the maximum working level (WL) of the fiberglass nails 
can be correlated with the ground strength and the ultimate tensile strength of each nail, using 
the following formula: 


WL = z 100% = 4Wrg®? (7) 


where WL is the maximum working load of the tunnel face fiberglass nails; oy is the maximum 
expected tensile stress on the fiberglass nails; F, is the ultimate tensile stress of each nail; and 
Wre is the fiberglass nail reinforcement parameter, which is calculated as follow:. 
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[Pure 0,6 Po -0,5 7 gN -0.5 
Wea = ( Oh ) Ocm D (8) 


where Pa rq is the total tunnel face pressure from the fiberglass nails reinforcement (total 
applied force of fiberglass nails/tunnel face area); op is the horizontal field stress (lithostatic); 
Po is the geostatic field stress (lithostatic); Og, is the ground strength; H is the tunnel overbur- 
den height; and D is the tunnel equal diameter. 

On Figure 6 is presented the correlation between the maximal expected working level (WL) 
of the tunnel face fiberglass nails with the fiberglass nail reinforcement parameter (Wg), 
using the Equation 7 and based on numerical investigation records. 
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Figure 6. Correlation between the expected working level (WL) of the tunnel face fiberglass nails and 
the fiberglass nail reinforcement parameter (Wro) for different tunnel face reinforcement densities (p). 


4 CONCLUSIONS 


The present research investigate the effect of the tunnel face pre — support design parameters 
by using forepoling umbrella or fiberglass nails, in the reduction of the tunnel face extrusion 
and the increment of the tunnel face stability. From the numerical investigation records, is 
observed that the optimal geometrical characteristics of the pre — support measures, depends 
mainly on the ground conditions and less in the pre — support mechanical properties. Thus, 
the optimal geometrical characteristic of the tunnel face pre — support measures can be calcu- 
lated from the analytical formulas and the nomographs of the present investigation, which 
correlate the design parameters of the tunnel face pre — support with the ground conditions. 
Moreover, the design loads of the tunnel face pre — support measures can be estimated from 
the analytical formulas, which are presented in the present research. 

In addition, from the numerical investigation it was observed that in cases of using a combin- 
ation of both forepoling umbrella and fiberglass nails for the tunnel face pre — support, the effect 
on the reduction of the optimal overlap length either of the forepoling umbrella or the fiberglass 
nails, it is not significant and the authors suggest to use Equations 2 & 6 for the optimal length 
of them. 
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ABSTRACT: The paper studies face stability in shallow and deep tunnels with unsupported 
and supported faces (using fiberglass nails, forepoling umbrella or a combination of them). 
Parametric 3D finite element analyses in elasto-plastic ground show that stability of unsup- 
ported tunnel faces is controlled by a dimensionless Tunnel Face Stability Factor (A,), defined 
in terms of ground strength and tunnel geometry. The parameter (A,) is correlated with 
a dimensionless average tunnel face extrusion (Q,9) which permits to define face instability. In 
supported tunnel faces, the numerical analyses calculate the reduced average tunnel face extru- 
sion (Qn) due to the beneficial effect of the face support measures. This permits to calculate 
safety against face instability via the same (A, - Qn) empirical correlation, for both unsup- 
ported and supported tunnel faces. In shallow tunnels, the parameter (Oy) is also correlated 
with the excavation volume loss (V1). Finally, the above dimensionless parameters are correl- 
ated with the 2D tunnel deconfinement ratio (A) along the tunnel axis, which permits to calcu- 
late (A) for use in 2D numerical analyses of tunnels with unsupported and supported faces. 


1 INTRODUCTION 


Tunnel face stability is one of the most important issues in tunnel excavation, with significant 
impact on tunnel construction cost and significant delays in case of a failure. In mechanized 
tunnel excavation, face stability is controlled by the applied face pressure of the cutterhead 
(open, EPB or Slurry). In conventional (non-TBM) tunnel excavation, tunnel face stability is 
usually assessed empirically, by comparison of the “behaviour” of the excavation face with 
past experience of tunnel faces under similar conditions, often by simplified limit equilibrium 
analyses (e.g. Leca & Dormieux, 1990; Anagnostou & Kovari, 1996; Kim & Tonon, 2010), 
and rarely by 3D numerical analyses calibrated with systematic measurements of the axial face 
movement (face extrusion). If the excavation face becomes unstable, support measures are 
used to improve face stability (usually forepoling umbrellas or fiberglass nails). 


2 NUMERICAL INVESTIGATION 


Since the problem of tunnel face stability is inherently three-dimensional, the present paper 
uses three dimensional (3D) numerical analyses to investigate the dependence of tunnel face 
stability on the average face extrusion, by varying the tunnel depth and the ground conditions 
ahead of the tunnel face. Our investigation focuses on the behavior of the tunnel face by three 
dimensional analyses using the Simulia ABAQUS finite element model. The analyses 
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investigate the ground and geometrical parameters affecting tunnel face stability. The study 
includes unsupported tunnel faces and tunnel faces supported with forepoling umbrellas and 
fiberglass nails. The results of the 3D analyses are plotted in dimensionless graphs. They are 
also correlated with the equivalent 2D deconfinement or relaxation factor (A), with the object- 
ive to provide empirical relationships for the calculation of the (A) factor, for use in 2D tunnel 
excavation analyses. 

The present investigation includes a large set of 3D finite element analyses of the exca- 
vation face. The tunnel section is excavated in a single phase (full face excavation) with 
excavation steps of Im along the tunnel axis (equal to the size of the elements in the 
axial direction). In each excavation step, a relatively stiff (30cm thick) shotcrete liner is 
installed on the tunnel wall (full ring) 2m behind the excavation face. The shotcrete liner 
is modelled with linearly elastic 4-noded shell elements, with a relatively low initial con- 
crete modulus (E = 15 GPa) to account for gradual concrete setting time during tunnel 
advance. Shallow and deep tunnels are examined. For shallow tunnels, two cases of over- 
burden depth (measured from the tunnel axis up to the ground surface), are examined: 
H = 20m (H/D=2) and H=30m (H/D=3) and for deep tunnels three overburden depths 
are examined: H = 100m, 150m and 200m. For shallow tunnels, the ground is modelled 
as a relatively stiff elastic - perfectly plastic material, with elastic modulus (E), yielding 
according to the Mohr-Coulomb criterion. The ground unit weight is 20 kN/m%, soil 
cohesion (c’) ranges between 20 and 50 kPa, soil friction angle (g’) ranges between 22,5° 
and 30° and the elastic modulus (E) ranges between 80 and 200 MPa. For deep tunnels, 
the rockmass is modelled as a linearly elastic - perfectly plastic material, yielding accord- 
ing to the Generalised Hoek-Brown failure criterion (Hoek et al, 2002). The examined 
cases for deep tunnels are weak or heavily fractured rockmass with unit weight 25 kN/ 
mô, intact rock properties o,, = 10 MPa and E; = 2 GPa, Poisson ratio v = 0.33 and 
Geological Strength Index in the range GSI = 25 to 45 (three cases). In all cases, the 
horizontal stress coefficient (K,) set to 0,5 and 1. 

In the case of a supported face, forepoling tubes are modelled with horizontal beams 
spanning the tunnel crown at an angle 120 degrees (60 degrees at each side of the crown) 
with spacing S = 0.50m. The beams are very long, to avoid the need to install new fore- 
poles every several meters of tunnel advance. The beams are modelled as elastic — per- 
fectly plastic with elastic modulus E = 200 GPa, Poisson ratio v = 0.25 and yield stress 
235 MPa. The following five types of forepoling beams are used in the analysis: 025/23, 
34/28, @70/56, G114.3/100.3 and G168.3/154.3. In supported faces with fiber-glass (FG) 
nails, these are modelled with horizontal truss elements, evenly spaced on the tunnel face. 
The nails are very long, to avoid the need to install new nails every several meters of 
tunnel advance. The nails are modelled as elastic — perfectly plastic with elastic modulus 
E = 40 GPa, Poisson ratio v = 0.30, yield load Pyro = 200 KN and mobilisation factor 
50% of the yield load (F=2). Three nail densities are examined: one anchor per 1, 2 and 
4 m? of tunnel face area. 

Each numerical analysis calculates the axial displacement (face extrusion) at all integration 
points on the tunnel face. These values are averaged over the tunnel face to give an “average 
face extrusion” (Up) which is then normalized by the tunnel width (D) and a modulus-to- 
depth factor (E/p,) to give the dimensionless “face extrusion parameter” (Qn) defined in Equa- 


tion (1). 
a- (8 o 


where E is the E-modulus of the ground and p, is the average (mean of vertical and horizon- 
tal) geostatic pressure at the tunnel depth. In the case of tunnels with unsupported face, the 
face extrusion parameter is denoted as (Qno) while the symbol (Qp) is used in tunnels with sup- 
ported faces. 
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3 ANALYSES OF TUNNELS WITH UNSUPPORTED FACE 


In unsupported tunnel faces, failure is expected in weak rockmasses, under high overburden 
stress or in cases of shallow tunnels in low strength soils. As the tunnel face approaches 
failure, face extrusion increases rapidly. The results of the numerical analyses (see Figure 1) 
dictate the use of the following empirical dimensionless factor (A,) to describe face 
stability: 


No 


co H 0.35 
RAR ee, ae aE) g A 


The factor (A,) depends on the uniaxial ground strength (Ocm), the tunnel overburden 
height (H), the tunnel width or diameter (D) and the the horizontal geostatic stress coef- 
ficient (Ko). In soils yielding according to the Mohr-Coulomb criterion, the ground 
strength (Ocem) can be calculated by Eq. 3a, while in rockmasses Eq. 3b can be used 
(Litsas et al., 2017). 


Oom = 2c tan(45° + ọ/2) (3a) 
Geom = 0.02exp(—GSI/25.5) (3b) 


Figure 1 Plots the correlation between the face stability factor (A,) and the calculated 
values of the non-dimensional face extrusion parameter (Ono) for unsupported tunnel faces. 
Values of A, < 1, can be characterized as potentially unstable, due to the rapid increase of the 
extrusion, while values A, > 1, can be characterized as stable. Thus, “limiting face stability” 
can be defined as: A, = 1 which corresponds to Qno = 1.4. The round value A, = 1 results from 
the selection of the value 3.8 in Eq. (2), which was intentional for select the round value A, = 
1 as the threshold of instability. The best fit curve of the calculated data points is given 
by Eq. 4. 


Qro = 1.4 A, !? (4) 


——Best fit curve 


O Shallow tunnels (H < 50m) 
© Deep tunnels (H > 100m) 


Face extrusion (Q,, ,) 
N 


Face stability factor (A,) 


Figure 1. Correlation between the tunnel face stability factor (A,) and the non-dimensional tunnel face 
extrusion (Oyo), for unsupported tunnel faces. 


589 


According to the previous Figure 1, the condition A, = 1 is an empirical limit of “face sta- 
bility” in the sense that the curve shows that for A, < 1 the axial face displacement (face extru- 
sion) is very large and thus can be interpreted as “unstable face”. In all FEM analyses, there is 
no clear threshold for “instability” and thus the value A, < 1 selected as a limit for the tunnel 
face instability. 

The results of the 3D numerical analyses are also used to calculate the deconfinement factor 
at the excavation face (Aface) from the face stability factor (A,). The deconfinement factor (A), 
defined at any point along the tunnel axis, is a useful tool in 2D numerical analyses (often 
used in tunnel designs). The (A) factor is an expression of the equivalent internal pressure (p,) 
normalized with the geostatic stress (p,), by the formula: 


Pi 
A=1-— 5 
i (5) 


The equivalent internal pressure (p;) is a fictitious internal pressure in a 2D tunnel model, 
that will cause the same wall convergence (radial inward displacement of the tunnel wall) with 
that in a real tunnel at various locations along the tunnel axis. Obviously, (p;) and (A) vary 
along the tunnel axis, between (po ... 0) and (0 ... 1), respectively. Calculation of the (A) 
factor can be performed in 3D numerical analyses of tunnel excavation. Specifically, the 3D 
numerical analyses calculate the wall convergence at the excavation face for various tunnel 
cases (i.e,, various values of A,) and then calculate the internal pressure (p;) which causes the 
same wall convergence in 2D numerical analyses. This comparison provides a relationship 
between (A,) and (Agace), Such as those shown in Figure 2. 
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Figure 2. Relationship between the tunnel face stability factor (A,) and the deconfinement factor (face) 
at the tunnel face. 
The best fit curve of the data points in Figure 2 is given by Eq. 6. 


face = 0.25 + 0.75 exp(—0.54,) (6) 


Considering that stable tunnel faces have A, 2 1, the corresponding requirement for the 
deconfinement ratio at the tunnel face is: Aface < 0.7. 
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4 ANALYSES OF TUNNELS WITH FACES SUPPORTED WITH FOREPOLING 
AND/OR FIBERGLASS NAILS 


In cases of conventional tunnel excavation where face extrusion approaches instability (Q, > 
1.4), the tunnel face is usually supported by a forepoling umbrella of stiff steel tubes and/or by 
fiberglass nails, used either separately or in combination. Such cases include combinations of 
ground strength (6,,,), tunnel size (D) and depth (H) giving A, < 1. In such cases, the benefi- 
cial effect of face support is expressed as a reduction (AQ,) of the calculated extrusion of the 
supported tunnel face (2,) compared to the extrusion of the same tunnel with an unsupported 
face (2o): 

Ar = Qro — Qn (7) 


The forepoling tubes and the fiberglass nails are added in the FEM model as beams and 
truss elements respectively. Due to the complexity of the 3D FEM model, the accuracy of the 
interface strength between these structural elements and the surrounding ground may be 
limited. However, we believe that the accuracy of the results is reasonable, because the plastic 
zones were extensive (not limited to the structural interfaces) when face instability was 
approached. 

The parametric 3D numerical analyses show that the ratio (AQ}/2,9) depends only on the 
characteristics of the face support measures. In the case of face support by a forepoling 
umbrella, the controlling parameter is (a): 


a = 0,05 7%!” in mm?/8 (8a) 
T 4 4); 4 
I= as (dexi — dint) in mmt /mm (8b) 


where (I) is the bending stiffness of the forepoling tubes per unit spacing (S) and dext and dint 
are the external and internal diameter of the forepoling tubes. 

Figure 3 shows graphs of the (averaged) calculated data points (AQ,/Q;,.,) versus the tunnel 
face stability factor (A,) for various characteristics of the forepoling umbrella (i.e., various 
values of the parameter a). 


a=0.1 
a= 0.25 
===- a= 0.5 
—-— a=0.7 
FEM a= 0.1 
FEM a= 0.25 
FEM a=0.5 
FEM a= 0.7 


AQ, / Aho 


0 1 2 3 4 
Face stability factor (A,) 


Figure 3. Relationship between the tunnel face stability factor (A,) and the normalized reduction of the 
tunnel face extrusion (AQ,/Oh,,), for various characteristics of the forepoling umbrella (parameter a). 
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The various curves can be represented by Eq. 9, which then permits to calculate the actual 
face extrusion (Qn) via Eqs 4 and 7, for specific tunnels (via parameter A,) and forepoling face 
support (via parameter a). 


WOR aa 
n af) 9 
Qno Ao ( ) 


In the case of face support by fiberglass nails, the controlling parameter is (8): 


0,35 
B=1, a(2hzo) (10) 


where n = number of fiberglass nails in the tunnel face of area A; P,, rg = yield load of fiber- 
glass nails and F= 2 is a nail force mobilisation factor (FE analyses show that fiberglass nails 
develop tension equal to about 50% of their yield strength). 

Figure 4 plots graphs of the calculated data points (AQ,/Q,,,) versus the tunnel face stability 
factor (A,) for various characteristics of fiberglass nails (i.e., various values of the parameter f). 
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Figure 4. Relationship between the tunnel face stability factor (A,) and the normalised reduction of the 
tunnel face extrusion (AQp/Qh,o) for various characteristics (parameter B) of the fiberglass nails. 


The various curves can be represented by Eq. 11, which then permits to calculate the actual 
face extrusion (Qn) via Eqs 4 and 7, for specific tunnels (via parameter A,) and fiberglass face 
support (via parameter a). 


AQ), 
h,o 


= 0,2584,7!3 (11) 


The results of the 3D numerical analyses are also used to calculate the deconfinement 
factor at the excavation face (face) from the face stability factor (A,) and the characteristics 
of the support measures (parameters a and £ for forepoling and fiberglass nails, respectively) 
by the following empirical equations for face support with forepoles (FP) and fiberglass 
nails (FG): 
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Ajace pp = 0.25 + 0.75 exp|—0.5(A,7"? [1 - a4 ™]) | 


Zrce rg = 0.25 + 0.75 exp|—0.5(A,~!?]1 — 0.2584,713]) >? 
Mace, 


5 EXCAVATION VOLUME LOSS 

In tunnel excavation, volume loss (V1) is defined as the ratio of the reduction (due to tunnel 
wall convergence) of the face area (AA), to the original face area (A,). The volume loss is nat- 
urally related to the dimensionless face extrusion (Qp) since wall convergence and face extru- 


sion are related. The 3D parametric numerical analyses show that this relationship can be 
approximated by the empirical equation: 


U; 
VL =2.5 (F) (14a) 
which gives (using Eq 4): 


Vr = 3.5 A40™!?( po /E) (14b) 


Figure 5 plots Eq 14b and shows that volume loss (V1) increases rapidly as the tunnel face 
approaches instability (A, < 1). 
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Figure 5. Relationship between the tunnel face stability factor (^o) and the volume loss (V1) for differ- 
ent ratios (E/po). 


6 CONCLUSIONS 
The present paper includes the results of a large set of 3D numerical analyses, to study the 


conditions at the face of tunnels excavated with conventional methods. A wide range of tunnel 
depths (including shallow and deep tunnels) and ground conditions (elasto-plastic, yielding 
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with Mohr-Coulomb and Hoek criteria) were examined. The tunnel face was initially unsup- 
ported and then supported using fiberglass nails, forepoling umbrella or a combination of 
them. The analyses show that stability of unsupported tunnel faces is controlled by 
a dimensionless Tunnel Face Stability Factor (A,), defined in terms of ground strength and 
tunnel geometry (Eq 2). The parameter (A,) is correlated with a dimensionless average tunnel 
face extrusion (Oyo), defined by Eq 1, which permits to define face instability by the empirical 
formula A, < 1. In supported tunnel faces, the numerical analyses calculate the reduced aver- 
age tunnel face extrusion (Q) due to the beneficial effect of the face support measures. This 
permits to calculate safety against face instability via the same (A, - Qn) empirical correlation, 
for both unsupported and supported tunnel faces. In shallow tunnels, the parameter (Qp) is 
also correlated with the excavation volume loss (V1). Finally, the above dimensionless param- 
eters are correlated with the 2D tunnel deconfinement ratio (A) along the tunnel axis, which 
permits to calculate (à) for use in 2D numerical analyses of tunnels with unsupported and sup- 
ported faces. 

The numerical investigations show that tunnel face reinforcement with fiberglass nails is 
much more effective in improving face stability conditions than forepoling umbrellas. Even 
a coarse grid of fiberglass nails can achieve better results than very heavy forepoling; the dif- 
ference in effectiveness is more pronounced in weaker ground and/or deeper tunnels. 
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ABSTRACT: Tunneling is a complex three-dimensional problem, especially due to the sequen- 
tial excavation and primary support installation procedure. The use of three-dimensional numer- 
ical methods, that incorporate the construction sequence, derive the best approximation of the 
anticipated stresses and displacements of the tunnel lining. This approach is time consuming, and 
it is often avoided in design practice. This study presents the results of axisymmetric numerical 
simulations that incorporate sequential excavation and support cycles. Those simulations, in com- 
bination with plane strain models provide a good approximation of the three-dimensional condi- 
tions that prevail at the proximity of the tunnel face. The results of those simulations are 
compared with other available methods and indicate the influence of the installed support to the 
rock mass confinement at the support installation position. The importance of axisymmetric simu- 
lation for the estimation of tunnel support pressure for deep tunnels is emphasized, particularly in 
cases where three-dimensional numerical modeling is not practically available. 


1 INTRODUCTION 


Numerical methods are extensively used for tunnel design, both to simulate the mechanical 
behavior of the rock mass and the response of the immediate or temporary support. Common 
design practice involves two-dimensional numerical simulations of tunnel excavation and sup- 
port under plane strain conditions, considering the sequential excavation and support installa- 
tion stages. In the 2D simulations, the 3D redistribution of the stress field near the tunnel face 
is taken into account through gradual rock mass relaxation and activation of the support 
measures, following the principles of the “convergence — confinement” method (Panet 1995). 
In this context, a fictitious internal pressure is applied at the tunnel boundary, which indirectly 
represents the rock mass confinement due to the proximity to the excavation face, and whose 
magnitude is evaluated by correlating the ground reaction curve (GRC) with the longitudinal 
deformations profile (LDP) along the tunnel axis. 

Construction of the GRC may be performed analytically for axisymmetric tunnel problems by 
using small-strain theory analytical solutions for a rock mass following the Mohr-Coulomb (e.g. 
Duncan Fama 1993) or Hoek-Brown (Carranza-Torres 2004) failure criterion. More elaborated 
analytical solutions may be used when large-strain theory (Vrakas & Anagnostou 2014) or strain 
softening rock mass assumption (Lee & Pietruszczak 2008) is pertinent. The influence of a strain- 
softening rock mass on GRC has also been examined numerically by Alejano et al. (2009, 2010). 
For tunnel geometries other than circular, numerical construction of the GRC is required. 
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Longitudinal deformation profiles for unsupported (Panet 1995, Vlachopoulos & Diederichs 
2009, Alejano et al. 2012) or supported (Bernaud & Rousset 1996, Vlachopoulos & Diederichs 
2014, Oke et al. 2018, Gkikas & Nomikos 2021) tunnels have been proposed, some of which are 
based on deformation measurements during tunneling (Chern et al. 1998, Carranza-Torres & 
Fairhurst 2000). Further, axisymmetric numerical simulations may be performed to evaluate the 
LDP for any rock mass constitutive model, and also the influence of the sequential excavation 
and support installation. However, either due to the complexity of the analytical solutions or 
time consuming numerical simulations, the support presence is sometimes ignored during LDP 
construction, with a corresponding impact on the estimation of the mobilized support pressure. 
This simplification often leads to a, usually unjustified, conservative support selection. 

In this study a practical methodology is proposed for the evaluation of the tunnel deform- 
ation at the support installation position, as well as the associated rock mass confinement, 
which are necessary to be known for 2D numerical tunnel support design. The proposed pro- 
cedure is based on a large number of axisymmetric numerical simulations in Hoek — Brown 
rock mass, as described in the following. 


2 NUMERICAL SIMULATION 


2.1 Model geometry 


The axisymmetric tunnel model, prepared in FLAC3D software (Itasca, 2017), and its associated 
dimensions are shown in Figure 1. Roller constraints are applied to the lateral external boundaries 
of the model, while an external normal stress equal to the primary field stress is applied to the 
outer model boundary. Additionally, plane strain models were used for the construction of GRC. 
In general, when the actual tunnel geometry diverges from circular, an equivalent circular diam- 
eter needs to be estimated for the axisymmetric simulation. A parametric investigation of the influ- 
ence of the axisymmetric model radius to the maximum radial displacement away from the tunnel 
face is important in order to assess the equivalent radius. The radial displacement of the actual 
geometry plane strain simulations and the equivalent circular tunnel axisymmetric simulations 
must converge when no confinement pressure is applied (Pi=0). 


go 


Figure 1. The axisymmetric numerical model and its associated dimensions. 


2.2 Rock mass, in situ stress and support selection 


A range of intact rock uniaxial compressive strength (ca) between 10MPa and 100MPa, 
Young’s modulus (£;) between 10GPa and 60 GPa and Hoek- Brown m; between 10 and 20 


596 


was assumed. The dilation angle y; was selected as a fraction of the mobilized friction angle y; 
ranging from zero to a quarter of the corresponding value. Three rock mass GSI values (Hoek 
& Marinos 2000; Marinos et al. 2007) are considered, i.e. GSJ=30, 50 and 70. A hydrostatic 
in-situ stress field is assumed for tunnel depths from 50m to 600m with 50m intervals. Com- 
bination of rock mass parameters with field stresses resulting in o,/P, values lower than 0.2 or 
larger than 2.0 were excluded from the analysis, in order to avoid implications due to rock 
mass squeezing or purely elastic rock mass behavior, respectively. 

Four support classes, with varied shotcrete thickness (t) and round length (S), are con- 
sidered for the numerical simulations (Table 1). Steel sets/lattice girders and rock bolts are not 
included in the simulations, due to their limited contribution to the support stiffness. The sup- 
port classes are assigned to the rock mass-stress field combinations by using a tunnel strain 
criterion, as presented in Gkikas & Nomikos (2021). Young’s modulus and Poisson’s ratio of 
shotcrete are taken equal to 15 GPa and 0.25, respectively. 


Table 1. Support classes used in numerical simulations. 


Support class S (m) t (m) Final invert 
A 3.0 0.1 X 
B 2.0 0.2 X 
C 1.0 0.3 X 
D 1.0 0.4 v 


2.3. Ground reaction curve and rock mass behavior 


Although strain-softening (SS) is the type of behavior commonly observed in rock masses, 
elastic - perfectly plastic (EPP) and elastic - brittle (BR) behavior determines the lower and 
upper boundary, respectively, of the nonlinear plastic brunch of the GRC (Figure 2). Regard- 
less the type of plastic behavior, the initial linear brunch of the GRC is unequivocal deter- 
mined from the far field (u=0) in situ stress (Po) to the critical pressure (Pe or Per) that failure 
initiates at the boundary of the excavation, and the corresponding deformation (Ue or Uer) 
strictly defined by the constant rock mass deformation modulus (E.m). In design practice, 
a perfectly plastic (EPP) behaviour is commonly adopted in numerical simulations. Hence, 
this study focuses on this simplified assumption and emphasizes its impact on tunnel design. 


u (mm) 


Figure 2. Ground reaction curve (GRC) for elastic - perfectly plastic (EPP), elastic - brittle (BR) and 
elastic - strain softening (SS) rock mass behaviour. 
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2.4 Longitudinal deformation profile interpretation 


The deformation profiles at the boundary of the excavation along the tunnel axis are numeric- 
ally calculated from the axisymmetric models and they are further interpreted to evaluate the 
radial displacements: i) at the tunnel face (u'“), ii) far away from the tunnel face (maximum 
or total displacement, u'°™), iii) at the middle of the support length of each support cycle 
(us"PP°"), considered equal to the round length. These are evaluated both for supported and 
unsupported tunnel axisymmetric models, indicated herein with the subscripts “s” and “u-s”, 
respectively. From these measurements, the normalized deformation values Fa, Sa, Ta and 
Dg shown in Figure 3 are calculated at the indicated positions along the tunnel axis. 


support 
S 


u 


total 
Uu-s 


D, = 


Figure 3. Definition of normalized deformations along the tunnel axis calculated from the results of the 
axisymmetric tunnel models. 


3 RESULTS AND DISCUSSION 


3.1 Rock mass confinement at the support installation position 


In Figure 4, an increase of Ta, Sq and F4 with o,/P, is observed for low values of o,/P, and 
for the EPP rock mass models examined in this study. On the contrary, Da value is strongly 
affected by the support scheme, with values of the order of 0.8 for support class A, 0.7 for 
support class B and between 0.45 and 0.55 for support classes C and D. Additionally, Figure 4 
includes for comparison the proposed best fit curves by Gkikas & Nomikos (2021) for 
Strain — Softening rock masses. In this study, an elastic - perfectly plastic behavior is assumed, 
hence the residual and peak GSI values are identical, and the softening parameter B=1-GSI, 
/GSlI peak is B=0. In general, as noted by Gkikas & Nomikos (2021), rock mass confinement 
due to the presence of the installed support is increasing for increased values of the softening 
parameter B, i.e. for more brittle rock masses. 
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Figure 4. Variation of Ta, Sa, Fa, and D4 with o,/P, for the EPP rock masses examined in this study. 
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Figure 5. LDP of an unsupported tunnel estimated numerically and with various methods researchers 
have proposed. 
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3.2 Example application for EPP rock mass 


In Figure 5, the numerically obtained LDP of an unsupported tunnel excavated in an EPP rock 
mass with o,/P,=0.20 is compared to the LDP calculated with various proposed methods that do 
not take into account the influence of the support. It is observed that the LDP curves converge at 
the face of the excavation as well as at maximum deformation area (away from the tunnel face), 
but diverge strongly in the intermediate distances. The numerically obtained radial displacements 
at the positions shown in Figure 3 are: uy.s°°=2.0cm, uy."P°"=0.86em and uy.</"°°=0.60em. 

The numerically obtained LDP for both unsupported and supported tunnel are presented in 
Figure 6. Considering that the support class PS-D is applied, with S=1m round length, the sup- 
ported tunnel deformation at the support installation positions is u,“??°"=0.73cm. By using the 
diagrams of Figure 4 for EPP rock mass behavior, a value of S,~ 0.8 is obtained from Figure 4b 
for o,/P,=0.20. The estimated u,"PP°'=Sq Xu, "PP°"t is of the order of us"?P°'=0.69cm and simi- 
lar with the value calculated numerically (i.e. 0.73cm). Similar calculations can be made for other 
characteristic areas along the tunnel (Face and Total) and for the support installation area by 
using the more practical but less accurate diagram for D4 (Figure 4d). 


Distance from tunnel face (m) 
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Figure 6. (a) Numerically obtained LDP of supported and unsupported tunnel with o,/P,=0.20 and 
EPP rock mass behaviour. 
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Figure 7. Numerically estimated GRC of tunnel with o,/P,=0.20 and EPP rock mass behavior. 
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From Figure 7, an anticipated confining pressure of the order of P;=4.1MPa can be estimated 
from the GRC for the u,"??°"'=0.69cem value calculated with the proposed method. Similarly, P; 
values of the order of 4.0MPa and 3.3 MPa are estimated from the corresponding deformations 
obtained from the supported and unsupported tunnel numerical simulations, respectively. The 
P; value estimated with the proposed method is in good agreement with the numerically calcu- 
lated P; value. Since both methods take into account the support installations, the resulted P; 
value is significantly higher from that calculated from the LDP of the unsupported tunnel. This 
indicates that the calculated mobilized support pressure at the final rock mass — support equilib- 
rium will be significantly higher when using the LDP profile of the supported tunnel and it will 
be underestimated when the effect of the support is not incorporate in the used LDP. 


4 CONCLUSIONS 


Sequential excavation and support during tunneling forms a 3D geotechnical problem that can 
only be accurately simulated by 3D numerical models. In these, all excavation and support 
installation stages can be incorporated in order to produce representative results of the rock 
mass displacements and loading as well as the loading of the support measures. However, due 
to the time and resources require for such analyses, they are often avoided in standard design 
practice. Alternatively, the design may be implemented by performing two-dimensional numer- 
ical plane strain simulations, involving sequential excavation and support installation in stages. 

In order for plane stain simulations to be applied for tunnel excavation and support design, 
estimation of the confining pressure at the support installation position is required. This may 
be achieved by combining the Ground Reaction Curve (GRC) of the rock mass during exca- 
vation with the Longitudinal Deformations Profile (LDP) along the tunnel axis. GRC can be 
calculated by performing 2D simulations with progressive relaxation of the rock mass within 
the excavation area. Modern geotechnical analysis software offer a multitude of methods for 
implementing gradual relaxation, either by reducing the stiffness of the rock mass or by apply- 
ing gradually decreasing stresses to the perimeter of the excavation. Then, in order to calculate 
the confinement pressure at the location of the support installation along the tunnel axis, the 
displacement of the rock mass at that location must be known. 

In the current study, by using a large series of axisymmetric numerical models, diagrams 
are provided that may be used to estimate the rock mass displacement at the support 
installation position for elastic-perfectly plastic rock masses. Based on the results of this 
paper, it is concluded that incorporation of the effect of the support to estimate the con- 
finement prior to the support installation is of outmost importance for the design of the 
support. 

The results of the proposed methodology are compared with other methods, empha- 
sizing to Gkikas & Nomikos (2021) method for strain softening rock masses. Since 
strain-softening (SS) is a type of behavior pertinent to a wide range rock masses 
encountered in tunneling practice, it is strongly recommended to adopt that behavior 
during numerical simulations. In general, the influence of strain softening behavior is 
significant, but not as outstanding as the incorporation of sequential excavation and 
support cycles in LDP. 
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ABSTRACT: This paper presents the new state-of-the-art Metro Network to be deployed in 
Israel. The Gush Dan Metro Network will have three lines covering the metropolitan area of 
the city of Tel Aviv, and its suburbs. Tel Aviv is one of the most dynamic cities in the Mediter- 
ranean and needs an efficient metro transportation system to reduce traffic congestion, improve 
the environment and enhance a sustainable way of living. Top in the field local and international 
consultants and design companies have been mobilised to undertake the configuration of the 
Metro Network characteristics. The Metro Network Programme consist of 3 fully underground 
lines, M1, M2 and M3. There are challenges to overcome, as the lines passes through the densest 
urban areas of the City of Tel Aviv. The Programme comprises metro lines of a total of 150 km, 
109 stations and 7 hubs, 4 depots, 2 operations centers and other ancillary structures, such as 
switchboxes, ventilation shafts and emergency exits. Programme procurement has been deter- 
mined to be executed in at least two main stages. The first stage is expected to start construction 
in 2025. It includes significant portions of the North-to-South Metro Line 1, the East-to-West 
Metro Line 2 and the semi-circular Metro Line 3 to provide a core operational network. The 
paper outlines the basic characteristics of the Metro Network and the main challenges and solu- 
tions that are envisaged. The expected hydrogeological conditions are expected to pose difficulty 
for the construction. The dense urban development, bridges, existing LRT and Israeli Railways 
lines define additional challenges to be met and overcome. 


1 INTRODUCTION 


NTA Ltd, the managing entity of the Tel Aviv Metro and LRT Programmes development, 
has invited the top in the field local and international consultants and design companies, to 
undertake the configuration of the Metro Network characteristics. 

There is limited tunnelling experience in Tel Aviv. Road tunnels have been constructed in 
Israel, such as the Carmel tunnels in Haifa and the Harel tunnels in Jerusalem, in a relatively 
competent rock mass. The hydrogeological conditions to be encountered in Tel Aviv are 
expected to be much more challenging. The little experience from TBM and conventional tun- 
nelling in Tel Aviv was gained for the existing Red Line LRT network, which is of signifi- 
cantly smaller project scale, shallower depth and less complexity, than that of the Metro 
network. This paper outlines the basic characteristics of the Metro Network and the main 
challenges and solutions that are envisaged. 


2 GUSH DAN METRO COVERAGE 


The Metro Network Programme consist of 3 fully underground lines, M1, M2 and M3. The 
Programme comprises metro lines of a total of approximately 150 km, approximately 260 km 
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bored tunnels, 109 stations and 7 hubs, 4 depots, 2 operation centres and other ancillary struc- 
tures, such as power sub-stations, track-crossings, ventilation shafts and emergency exits. The 
network will serve approximately 1500 square km and 4 million residents, which constitutes 
44% population of Israel. Twenty-four municipalities will be benefited from the metro, reliev- 
ing air and noise pollution and the traffic congestion produced by the currently 440,000 
vehicles travelling within the metropolitan area. 

The Gush Dan area is the heart of Israel and is growing quickly. The 2040 passenger fore- 
cast concludes with 4 million residents and an increase of 20,000 vehicles per year. The metro 
network needs to contribute to the innovative image of Tel Aviv and create strong links for 
the communities. Hence, it is important to procure, design and build a network that can cope 
with these high expectations. 

The Metro Programme procurement has been determined to be executed in at least two 
main stages and the three lines are planned to be commissioned progressively in successive stages. 
The first stage of the implementation plan includes significant portions of the North-to-South 
Metro Line M1, the East-to-West Metro Line M2 and the semi-circular Metro Line M3, provid- 
ing a core operational network. This part of the M1 line is expected to commence construction in 
2025 and will be the first one to be in operation early in 2034. 


Figure 1. Tel Aviv Metro Network map and highlights. 


3 PRE-DEVELOPMENT STAGE 


To date, the preliminary design for lines M1 and M3 is completed and M2 preliminary design 
is ongoing with the expectation to be completed within 2023. 

The Pre-development phase, which is currently ongoing, sets up the strategy and provides 
the documentation needed to define the framework for satisfying the various expectation for 
the Metro Network. It is implemented because of the Owner’s ambitions, international bench- 
marking and a set of requirements for its design, procurement, construction, operation and 
maintenance for the hand-over of an efficient metro system. 

As part of this process, fundamental parameters have been concluded for the networkwide 
definitions: (a) operation speed of 80 km/h; (b) design speed of 90 km/h; (c) Full automated 
train operation system GoA4; (d) 0% maximum gradient in depots; (e) 0.15% maximum gradi- 
ent in stations; (f) twin single track bored tunnel arrangement; (g) 6.50m TBM tunnel internal 
diameter; (h) train width; (i) train lengths of 115m for line M1 and 95m for lines M2 and M3. 


4 BASIC NETWORK DESIGN DRIVERS 


Having obtained the basic networkwide definitions, the setting out of the metro system devel- 
opment is based on the following drivers: 
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4.1 Phasing & Schedule 


It is essential to determine the appropriate phasing and to establish the structure for the whole 
programme in accordance with the network extent, the local regulatory and permitting condi- 
tions, as well as the budget and schedule constraints. 

With these phases well managed, the Programme delivery can be expedited, with a higher 
level of certainty in achieving timely revenue service within the budget. The Procurement Strat- 
egy will include the earliest possible start of the execution of enabling works and utility diver- 
sions, so that the construction can commence with the major physical constraints resolved. 

Furthermore, the following aspects are necessary to be defined for the schedule maturity: 
(a) Number of TBMs; (b) Clear definition of Permitting and Statutory Approvals processes; 
(c) Route to Testing and Commissioning; (d) Conceptual Station design; (e) Enabling Works; 
(f) Owner’s approval processes; (f) Line Managers (designers) scope, who shall have to finalize 
the design, prepare the Design and Built tender documents and review the Detailed Designs. 

Whilst the priority is on the first stage, it is equally important to identify the launching 
timing and provisions required for the remaining sections of the Network. Various scenarios 
need to be explored to come up with the optimized schedule satisfying the financial, technical 
and operational constraints. An option of two main stages is presented in Figure 2 (NTA, 
Ministry of Transport and Road Safety, 2022). 


TEL AVIV METROPOLITAN AREA - METRO TRANSIT SYSTEM ry 


p— | — 
Stage A | Stages 


Kfar Saba 


Figure 2. Tel Aviv Metro Network construction stages (source: Metro Transit System Masterplan, 
Ministry of Transport and Road Safety). 


4.2 Sustainability 


An Environmental & Sustainability Management System (ESMS ISO 14001) will be imple- 
mented in compliance with the environmental and sustainability Laws and requirements of 
applicable Authorities and with the targets established in the relevant documents. As 
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ISO14001 Environmental and Sustainability Management System has continual improve- 
ments, project requirements, benchmarks and KPIs are expected to further expand before the 
designs are finalised. 

The Pre-Development phase has defined the main objectives to be focused on. A climate of 
sustainability awareness and continual improvement in the profession and industry needs to be 
created. The importance of setting and delivering a sustainability-driven strategy for the project 
or contract being assessed is to be nourished. Sustainability performance shall be defined in the 
project specifications, the design and the construction methods and materials used, considering 
the materials’ complete life cycles. Energy conservation is to be targeted through passive design 
measures, reduced demand, energy efficiency and renewable energy sources. 

It is also important to recognize and promote the attainment of high economic, environ- 
mental and social performance in all forms of civil engineering, infrastructure, landscaping 
and public realm works. Conserving, preserving and restoring the region’s critical natural 
environments and habitats is an important element of the sustainability goals. 

These objectives can only be achieved using an Integrated Development Process to deliver 
the environmental and quality management throughout the life of the project and by encour- 
aging innovations to facilitate market transformation. 


4.3 Risk Distribution 


Risks need to be identified and managed early to ensure that the design and the procurement strat- 
egy have carefully addressed all the possible risks resulting from the ground conditions, the construc- 
tion safety, the laws and regulations, the statutory plans, the municipal Authorities’ requirements, 
the expropriation needs, the Military requirements, the schedule constraints and the logistics. 

Some public owners prefer to push all the risk onto the contractors, but this doesn’t usually 
give a good result, as contractors will add cost to their bids, and probably claim as well, when 
forced to accept risks they have no control over, such as expropriation, changes to the laws 
and standards or geotechnical configuration. On the other hand, there are risks that the con- 
tractor can mitigate more effectively, such as the ground conditions, the materials and labour, 
the productivity and the schedule. Some risks may be shared, such as the financing where we 
have both public and private funds. 

Having grasped the risks and potential impact on the cost and the schedule, they can be best 
allocated so that each risk is managed and mitigated by the party that has the most control over 
that risk, either the contractor or the State, to reduce the unnecessary budget increase. 


4.4 Systems and Equipment Procurement 


The Pre-development stage shall outline and support the Operation and Maintenance and the 
Train service delivery of the Metro Network Scheme. This is a highly specialized and complex 
topic, requiring safe interaction among each of the sub-systems, having numerous interfaces, 
including civil works and the installation of linear elements and bulky equipment. 


5 CONSTRAINTS 


For each line many challenges need to be overcome, as the lines pass through the densest 
urban areas of the City of Tel Aviv, crossing under many high-rise buildings with deep foun- 
dations, bridges with deep piled foundations, existing LRT tunnels and Israeli Railways lines 
and structures. The hydrogeological conditions themselves set a significant difficulty for the 
construction, whilst they define additional challenges to be met and overcome. 


5.1 Logistics 


Given such an extensive plan of construction area occupations and related transportation of 
materials, it is necessary to split the works into stages and packages to keep the roads of Tel 
Aviv moving. 
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Staging is also vital for securing the availability of resources of all kinds, such as experi- 
enced personnel and experts, experienced and specialized contractors and sub-contractors, 
various necessary materials and equipment and their mobilization and delivery constraints. It 
is expected that the excavated material to be transported is approximately 2.9 million m? for 
the bored tunnels and cross passages and 6.9 million m? for the station and underground 
structures. Furthermore, the supply chain of long lead items which are vital to be fully identi- 
fied and resolved so that they can be ordered promptly. 


5.2 Urban environment 


During the undertaking of the preliminary design, existing and planned infrastructure has 
been identified to be along the tunnels’ alignment. Narrow streets, limited available surface 
areas for construction-related activities, dense utility networks and limited dewatering cap- 
acity through the existing stormwater network are a few of those constraints. The most critical 
of those, which cannot be diverted or relocated, are the LRT tunnels, the Israeli Railways 
structures, and the deep foundations of some high-rise buildings. Clash avoidance currently 
drove the vertical alignment to significant depths, resulting in very deep stations, with a final 
rail level of 50m to 60m below ground level and steep alignment slopes. 

A deep vertical alignment will negatively impact the metro train speed and travelling time 
and will increase electricity consumption and brake pad wear. An ongoing effort is underway 
to provide a shallower alignment, through of horizontal adjustments and by determining 
structures and foundations, which could be strengthened or reconstructed for the benefit of 
the long-term operation of the Metro. This will also, benefit the Metro Programme cost and 
schedule, as the underground structures shall be smaller and the structural elements slimmer, 
and will reduce the risks related to deep excavations, hydraulic failures and settlements to the 
surrounding existing structures and utilities. 

An additional constraint localized in ultra-religious areas is the need to avoid surface work, 
noise and disturbance during the Shabbat and the religious holidays. 


5.3 Hydrogeological Conditions 


5.3.1 Geology 


e A; — soil, alluvium and colluvium. 
© Qh — red sand and mud — red loam. 


e Qs —dune sand. 


e Qk ~ chalk sand stone. 


Figure 3. Tel Aviv area stratigraphy example (source: Tel Aviv Metro Line MIS Geological Section). 


To date, there is little experience from very deep excavations in Tel Aviv and the suburbs. 
However, there is some limited useful experience in the centre of Tel Aviv, from the 
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construction of the 12km underground section of the Tel Aviv LRT - Red Line tunnels and 
stations and the ongoing Green Line construction (4.5 km underground section). Because of 
this lack of information, NTA Ltd has initiated an extensive ground investigation, to maxi- 
mize the information available for the commencement of the design. 

According to the findings, the line will cross through four basic ground formations: Allu- 
vium, calcareous sandstone (Kurkar) and silty/clayey sands (Hamra). A large proportion of 
the works are expected to encounter loose sands near the surface and compacted sand at 
deeper levels. 

An example of a longitudinal geological section is presented in Figure 3 above, taken from 
the preliminary design documents undertaken for the south section of line M3 (Tadam Civil 
Engineering Ltd, Geoprospect Ltd, 2021). This cross-section is derived from the little informa- 
tion available from the ongoing ground investigation campaign, as well as from borehole data 
information obtained from the Tel Aviv LRT Red Line geological database. It can be seen in 
the stratigraphy, that sand formations prevail, such as dune sand layers (Qs), red sand and 
mud — red loam layers (Qh), as well as interbedded chalk sandstone layers. 

In other sections of the project, clayey sand and cemented sand formations are also expected 
to be encountered, or other findings that the continuing ground investigation may reveal. 


5.3.2 Hydrology 

In general, medium to high groundwater permeability is anticipated, creating a significant 
challenge for tunnelling and open-cut excavations. Dewatering-related ground movements 
need to be minimized to avoid damage to structures and underground utilities. Risks for exca- 
vation face collapses and excavation base hydraulic failures need to be well managed and miti- 
gated by the design. 
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Figure 4. Tel Aviv area ground water level monitoring (source: Tel Aviv Metro Line M1 Environmental 
Impact Assessment Report). 
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Most of the tunnel alignment is well below the groundwater table, whereas some sections of 
the alignment are estimated to be very close to the groundwater level, about 2m above or 
below the tunnel crown. 

An indicative representation of the groundwater level and the groundwater gradients in the 
region of the M1 line is presented in the preceding Figure 4, obtained from the monitoring 
drilling summarized in the TLV Metro Line M1 Environmental Impact Assessment document 
(Tadam Civil Engineering Ltd, Geoprospect Ltd, Mansfeld-Kahat Architects Ltd, 2020). The 
data have been collected from monitoring wells, utilized by the Water Authority, which is 
responsible for water sources and water quality. 

According to the Environmental Impact Assessment undertaken for the M1 line, there are 
dewatering design guidelines for the sensitive areas for the prevention of intrusion of seawater. 
Dewatering is expected to be required in some underground structures, however, to minimize 
adverse effects, it is possible to apply grouting and/or other groundwater ingress control meas- 
ures. Special areas for water treatment plants are to be set up to maintain suitable water quality. 

Hydrogeological analyses including numerical modelling will be required during the design 
of the works. 

Soil pollution is known to exist and such areas will not only require careful spoil handling 
and disposal at approved sites, but also a construction methodology shall be in place to avoid 
spreading of the pollution between aquifers and non-polluted soils. Figure 5 below depicts the 
suspected hydrocarbon pollution areas. 


Figure 5. Hydrocarbon Pollution Risk Areas (source: Tel Aviv Metro Line M1 Environmental Impact 
Assessment Report). 
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Furthermore, the Water Authority has developed a long-term water quality strategy, which 
includes the termination of water pumping through existing wells, which amongst other 
effects, will result into a rise of the groundwater table. 


5.3.3 Impact to construction 

These hydrogeological conditions pose a significant difficulty in maintaining the stability of 
the excavation slopes and the excavation formation levels, in minimizing settlements and con- 
struction-induced damage to the surrounding structures and utilities and ultimately in enab- 
ling safe construction of the metro structures. 

Deep diaphragm walls and grout plugs are expected to be employed for the open cut exca- 
vations. Focused grouting activities and other soil improvement and groundwater control 
measures will also be necessary to enable the safe excavation of conventional tunnelling. Con- 
ventional tunnelling will be undertaken primarily for the construction of the cross passages, 
but also for underground galleries at stations and track crossings, where surface area is not 
sufficient for the cut-and-cover construction method. 


6 CONCLUSION 


The Gush Dan Metro Programme is the largest and most complex infrastructure project in 
the State of Israel. Such a complex infrastructure project requires making principal decisions 
as early as possible, to define a smooth and optimal delivery plan. Changes at a later stage 
will not only affect the overall Metro Programme schedule and cost but will also have an 
impact on the day-to-day activities of the city and will impair its further upgrading and 
modernization. 

In planning the Metro System, there is an opportunity in utilising continuous technological 
advancements, delivering more sustainable materials and solutions, more efficient equipment, 
ticketless systems, gateless ticket validation etc. There is also the opportunity in gaining valu- 
able experience from the previous underground projects executed in the area, as well as other 
international fully automated metro systems, which are already in operation. 
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ABSTRACT: TBM (tunneling boring machine) is widely employed in very dense urban area to 
minimize the risk of possible surface settlements onto the existing structures. The evaluation of the 
soil structure interaction is undertaken through analytical evaluations in conjunction with finite 
element analysis. The aim of this paper is showing a quite original approach of this technique to 
the existing Brenner railway line. The first step was to evaluate the expected settlements through 
empirical, analytical, and numerical models and, so evaluate the influence of the settlements on 
railway. Once evaluate the risk, the contractor decided to support the railway in operation with 
a temporary support constituted by a structural grid of steel beams to create a semi-elastic system 
during the TBM excavation. In this way, the designer achieved that the possible settlements due 
to the TBM excavation would not interfere with the operation of the existing railway. 


1 INTRODUCTION 


The Italian part of the extension of the HSR (High Speed Railway) from Munich to Verona is 
divided in 4 sections. Section 1, from Fortezza to Ponte Gardena is constituted by three main 
tunnels with 12.5 Km, 5.7 Km, and 3.2 Km respectively. The construction of the last tunnel, 
3.2 Km, required the underpass of the existing railway between Verona and Innsbruck, the so 
called- “Brenner line”. This is one of the most important freight and passenger lines between 
Italy and Europe with an estimated traffic of about 170 trains/day. 

To avoid any disruption on the existing railway, the conceptual design proposed the construc- 
tion of a “deviation railway”, during the TBM excavation, 940 m length. This choice derived 
from the geotechnical parameters of the soil (sands and gravel) and the low cover between the 
crown of the new tunnel and the rails, around 5 meters and it is in phase of execution. 

The construction of the deviation line, however, would have required a temporary stop of 
the existing railway with a global impact on the project with consequent switching the traffic 
on a temporary one. During the development of the detail design, the Contractor, Dolomiti, 
required a dedicated study to underpass the existing railway in operation, through the TBM, 
so avoiding the execution of the deviation railway. 

The first step was to evaluate the expected settlements through empirical, analytical, and 
numerical models and, so evaluate the influence of the settlements on railway. Once evaluated 
the risk, the contractor decided to support the railway in operation with a temporary support 
constituted by a structural grid of steel beams to create a semi-elastic system during the TBM 
excavation; in this way, the designer achieved that the possible settlements due to the TBM 
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excavation would not interfere with the operation of the existing railway. The aim of this 
paper is to present a methodology of soil structural interaction of the system railway-soil- 
tunnel and provide a methodology of analysis. 


Figure 1. 3D overview of the TBM - Brenner existing railway intersection. 


2 TEMPORARY BRIDGES SOLUTION 


As mentioned above, to avoid the execution of the deviation railway, the temporary bridge tech- 
nology was adopted. The temporary bridge technology owned by Petrucco Group is used to 
ensure the continuity of railway traffic during tunnel excavation below the active tracks. The tech- 
nology has been developed to allow the flow of the traffic during the push-box works but is has 
also been successfully used as track reinforcement during any kind of works to be performed 
under active railways. 

The most suitable technology for this type of interference is the so-called “Verona System”, it 
represents the last evolution of the temporary bridges to be installed on the tracks. It is covered 
by an international patent that is property of the Petrucco Group. It is a modular bridge that can 
be installed in a single span up to 14,40 m or on longer spans (applications on more than 
41 m have been done, but there’s no theoretical limit) if used with transverse beams. Both setups 
are allowed to let the trains flow up to 80 km/h during the whole period it is installed, for both 
passenger and freight traffic. 


(b) eae 


Figure 2. Proposed solution of support Brenner existing railway under TBM excavation: (a) Plan pro- 
file; (b) Transversal section. 
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The Verona System is developed in accordance with the Eurocodes and the Italian Railway 
standards, and it has been checked also to be in full accordance with the American and Canad- 
ian Standards. In the present case, the bridge is used to separate the railway from the ground 
below and to provide the possibility to restore any subsidence induced by the TBM excavation. 

The Verona Special System for turnouts, on the other hand, consists of a sequence of metal 
boxes that are placed below the existing concrete sleepers. Neoprene bearings are placed 
between the steel box and the concrete sleeper to avoid contact points between steel and con- 
crete that could deteriorate the turnout sleepers. The boxes are then fixed together with 
welded profiles that also act as lateral restraints on the existing sleepers as shown in Figure 2. 
The same figure shows also the system applied to the existing Brenner railway line. 

The equipment advantageously replaces other technical solutions, allowing a higher laying 
speed, better safety conditions and, above all, allowing a train transit speed of 80 km/h, with 
a consequent reduction in train delays. 


3 METHODOLOGY EMPLOYED 


The detailed design provides the passage of the EPB below the Brenner line on which supports 
are installed to control and correct possible subsidence produced by the EPB during excava- 
tion. The following sections show the analysis method for the support beams. The method- 
ology employed was the following: 


e Evaluate the settlements produced by EPB in three different conditions varying the volume 
loss depending on the expected face pressure through PLAXIS 2D modelling 

¢ Imposing the settlements derived from the previous point into Strand7, structural software, 
where the support beams were modelled considering the axial and shear stiffness of the 
beams. The springs, employed to model the ground, were calculated considering the shear 
modulus, G, depending on deformation level. The loads onto the support beam took into 
account the serviceability and ultimate configurations. 

e Finally, there was a double checking between the deformation shape of the support beam 
versus the imposed settlements. 


This approach is an extension of those proposed by Vesic (1961). To corroborate this meth- 
odology, a model in PLAXIS 3D was built, considering all the phases (advance, gap injection, 
face pressure and etc.) as well as the support beam and the serviceability loads. 

The support beams consist of two C32/40 reinforced concrete beams with a cross section 
equal to 100x80 cm, these beams are placed parallel to the route of the historic line offering 
support to the Verona System to ensure the possibility of restoring subsidence on the rails. 


3.1 Constitutive model 


The constitutive model employed to define the behavior of the granular material is the Hard- 
ening Soil Model (hereafter called HSM), an elastoplastic model with a multi-surface yield cri- 
terion that governs plastic strains development, a surface that can expand due to plastic 
straining; an associated flow rule has been assumed. HSM admits a stress dependent stiffness, 
changing in case of loading/unloading cycles with a hyperbolic stress strain relation. This 
model considers non-linearity for both elasticity and irreversible plasticity (Obrzud & Truty, 
2018), comprising of three elastic variables: Es", E,,"", Esed, as shown in Table 1. (For 
more information see Table 2.) 


Table 1. Hardening soil model parameters. 


p c m Eso! Boas. Eee 
Lithology [I [kPa] [-] [MPa] [MPa] [MPa] 
Alluvial deposits 37 0 0.1 60 60 180 


Table 2. Soil model parameters description. 


Parameter Description Parameter evaluation 


+ Internal friction angle Slope of failure line from MC failure criterion 
Cohesion y-intercept of failure tine from MC failure criterion 
Failure ratio (o,-4,)/t 

ý Dilatancy angle Function of g a 

EY Reference secant stiffness from drained triaxial test y-intercept in logla;/PT )-— logl Esa) space 


E Reference tangent stiffness for ocdometer primary loading y-intercept in logia, /p"%)—log( Esu) space 

Ed Reference unloading reloading stiffness y-intercept in log(os/p")—log( Ex) space 

Slope of trend-line in log(o;/p"") —log( Ew) space 
0.2 (default setting) 

I-sin # (default setting) 


3.2 Evaluation of the variable gap and subgrade reaction coefficient 


The variable gap value to be associated to the spring elements corresponds to the settlements 
along the foundation beam obtained from the numerical modelling. 

In order to evaluate the spring stiffness variability, to be adopted in the analyses, based on the 
settlements obtained from the numerical analysis, it is necessary to derive a relationship between 
the shear deformations obtained and the elastic modulus variation. The finite element analysis 
software PLAXIS 2D is used to perform the numerical modelling. The spring stiffness assigned to 
the structural model is evaluated from the operational shear stiffness of the soil as a function of 
shear deformation. From the deformed state as a result of the numerical analysis carried out using 
PLAXIS 2D program, the shear stiffness modulus is obtained using the G decay curves available 
in the literature (Seed & Idriss, 1970). The value of the stiffness at small deformations is obtained 
by multiplying the operational value (100 MPa) by the maximum degradation value of 10. To 
obtain a direct link between the deformation and the shear stiffness, the literature curve (defined 
by points) is interpolated with the relationship suggested by the calculation code for the HSss 
(Hardening Soil small strain) constitutive model provides for the definition of a yo.7 parameter. 
This parameter is sought by comparing the decay curve of the shear stiffness modulus predicted 
by the relation used with the solution of Seed & Idriss (1970) for sands: 


Go 


G = — 
1 + 0.385 - Ft 


(1) 


where GO represents the shear modulus at small deformations; yg is the shear deformation 
obtained in PLAXIS 2D analysis; yo.7 is equal to 0.0002. Finally, by deriving the elastic modulus 
E from the operational shear modulus G (1), it is possible to identify the spring stiffness variabil- 
ity along the beam. Vesic (1961) suggests the following relationship: 


E 
k= 2 
BaD)’ (2) 
where E represents the Young modulus; B is the base of the foundation beam (equal to 1 m); v 
is the Poisson ratio. 


3.3 Consideration regarding the volume loss values assumed in the project 


The TBM must guarantee at each point of the alignment the possibility of producing subsidence 
at ground level contained within a value corresponding to a V, of 0.1%. This value is therefore 
assumed to be representative of the “operating threshold”. In other words, conditions of normal 
excavation progress are those in which V, will always be less than or equal to 0.1%. 

To obtain a mapping of the effects induced in unforeseen or even unpredictable situations, 
which are outside the normal operating conditions of the excavation, higher V; values are 
considered to be representative of limit thresholds that exceed this reference level. 

For the characterization of the surface subsidence distributions, it is required to define the 
parameter V; (%) Volume loss. The value used in the analyses performed is related to the 
volume loss Vi = 1.0% which represent the worst scenario as described in Table 3. 
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Table 3. Volume loss thresholds. 


Volume Loss V Condition 


0.1% Condition “expected” during the excavation 

0.4% Operational problem condition related to the TBM and/or the cutterhead 
Reaching the alarm threshold corresponding to zero pressure at the face. Conserva- 
tive analysis whose results provide a picture of the possible effects induced by local 
contingencies for the operation of the mechanized excavation and the geological 
context. 


1.0% 


4 NUMERICAL MODELLING WITH PLAXIS 2D 


In order to compute the subgrade reaction coefficient, k, at the foundation beams, 
a geotechnical finite method analysis has been performed using PLAXIS 2D software. This 
program has been specifically developed for geotechnical analysis and can simulate both 
ground response to tunnelling and segmental lining behavior. This software gives a close solu- 
tion and allows simulating various tunnel excavation steps. The numerical modelling is carried 
out with approximately 14000 15-noded triangular elements and the dimension is about 
200x100 m as shown in Figure 3. The simulation of the volume loss was done through the 
“contraction line” approach in 2D models. 


Connectivity plot 


Figure 3. 2D finite element model. 


4.1 Variable gap and subgrade reaction coefficient 


The results of the analysis and the evaluation of the spring stiffness are shown in Figure 4. As 
mentioned in section 3.1, to define the properties of the spring elements in the structural 
model, it is required as a first step to define the variable gap to be associated to each spring; 
this gap corresponds to the settlement obtained from the analysis. 


Figure 4. Settlement VL=1.0% (Uy max=57 mm). 


The settlement can be drawn as a Gaussian function to defining the subsidence to be ap- 
plied along the beam in Strand7. The maximum settlement obtained from the analysis is equal 
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to 57 mm. To derive the trend of shear modulus and thus, the trend of the soil stiff-ness in the 
development along the beam, it is first possible to approximate the trend of the soil shear 
deformations with a Gaussian function as shown in Figure 5. 

Then, as mentioned in section 3.1, it is required to derive the trend of the shear modulus to 
obtain the operational stiffness of the soil (Eq. (1)). Finally, by following Equation (2), it is 
possible to derive the soil stiffness trend. The functions obtained for the shear modulus and 
spring stiffness adopted in Strand7 model are shown in Figure 6. 
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Figure 5. Shear strain. 
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Figure 6. (a) Shear modulus decay curve; (b) Soil stiffness trend. 


4.2 Foundation beam analysis 


For the structural analysis the trend seen in the previous section, settlement curve for gap and 
soil stiffness curve for the reaction coefficient k, were discretized for 10 cm along the beam. 

To correctly simulate the boundary condition of the foundation beam (contact between the 
beam and ground) along its length, Strand7 “Point Contact — Zero Gap” elements have been 
used. Generally, these elements are used to model a gap between two nodes by providing stiff- 
ness only in compression and only when the connected nodes come into contact. 
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Figure 7. Bending moment (ULS) by using, (a), variable spring elements with gap or, (b), uniform 
spring elements without gap. 


In this case, the subsidence has been simulated changing the length of these elements 
according to the subsidence curve shape, while the shear modulus degradation has been simu- 
lated changing the stiffness of the “Point Contacts”. 


616 


By applying structural (G1), nonstructural (G2) and railway loads (Q), the Ultimate Limit 
State (ULS) analysis is carried out (see Figure 7a). The numerical analysis was carried out 
a FEM (Finite Element Model) using Strand7 software, which is specifically developed for 
structural analysis. 

Figure 7b shows the same numerical analysis as above, carried out using uniform spring 
elements without considering the gap and the decay of the granular soil shear modulus due to 
the subsidence and considering suspended beam over the subsidence area. 

As shown in Figure 7, by using the actual deformation of the beam and the real decay of 
the granular soil, the maximum bending moment obtained analysis is 10 times lower than the 
bending moment calculated without taking the real excavation effect into account. This 
approach allowed us to verify the beam with the dimensions defined above. 


5 NUMERICAL MODELLING WITH PLAXIS 3D 


Through 3D modelling carried out using PLAXIS 3D program, it was possible to take into 
account the face pressure, the grout pressure and the exact location of the temporary bridge 
related to the TBM excavation. The constitutive module used is the same applied for the 2D 
analysis. The numerical modelling is carried out with approximately 153000 nodes in 15- 
noded triangular elements, and the dimension is about 105m x 150m x 95m (Figure 8). 

As shown in Figure 9 the maximum settlement of the 3D model is equal to 33 mm and the 
subsidence basin is wider, which means that the 2D analysis is more conservative. 


Figure 8. 3D finite element model. 


Figure 9. 3D analysis settlement shape (Uz, max=33 mm). 


6 MONITORING 


The Verona Special System to support the railway allows subsidence to be checked and reset 
during the TBM passage. On-site monitoring is the key control element of the proposed solu- 
tion. The deformation levels of the track must be measured continuously and always accessible 
to the user to avoid any unforeseen settlement which could lead to the partial closure of the line. 
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Two types of monitoring will be installed: external and internal monitoring on the tempor- 
ary bridge. About the external monitoring it is provided to install a total station and ground 
and structure-based levelling point. Regarding the internal monitoring, the system PTC (Pet- 
rucco Twist Control) owned by Petrucco Group (Figure) will be installed on the transverse 
beams. The PTC system is composed of electro-levels, data acquisition and processing unit 
and Wi-Fi + 4G router for data transmission. 


Figure 10. PTC (Petrucco Twist Control). 


7 CONCLUSIONS 


The paper deals with the soil structure interaction for an existing railway under the passage of 
an EPB. The methodology above described was applied to a real case, the Brenner existing 
line. From the above sections, the following conclusions can be drawn: 


— The classical approach based on not considering the effect of excavation seems to be very 
conservative and they can lead to an excessive over-design of the countermeasures 

— Different volume loss scenarios must be done to cover the potential problems during the 
excavation of the TBM and, hence, better evaluate the structural response 

— The 2D FEM analysis, in conjunction, with structural calculations, is very rigorous and 
fast to be employed 

— The 3D FEM analysis, although more laborious, give a direct estimation of the structural 
response and they provide a quite good match with 2D analysis 


Finally, the Verona System gives an adequate support response because of the elasticity of 
the system, to the possible surface settlements; moreover, the possibility of recovering part of 
the settlements during the excavation makes this system quite attractive for these types of soil- 
structure interactions. 
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ABSTRACT: High pollution levels combined with the lack of green spaces are hitting many 
cities leading to the exploitation of the underground for transportation. Given the need to 
foster local energy sources with low environmental impact, energy geostructures are more and 
more being explored. In this context, the promising outcomes of the experimental campaign 
on the thermal activation of tunnel segments carried out on Turin ML1 South Extension 
encouraged the authors to investigate applicability of energy geostructures for Turin ML2 
project. This paper is intended to focus on the understanding of the thermo-hydraulic behav- 
iour of a metro station equipped with energy diaphragm walls. A 3D FE numerical model 
reproducing the layout of the planned Mole-Giardini Reali station is used to study the energy 
exchange potential of the thermoactive walls. The quantification of the exploitable energy to 
meet the user demands of the station and of buildings above will be discussed on the basis of 
the results obtained. 


1 INTRODUCTION 


Today, lack of surface place represents a crucial issue not only in mega cities but in nearly all 
town and cities around the world. For this reason and given the need to reduce pollution as 
well as to preserve the living environment, in the last decades mankind has been encouraged 
to use and develop underground space. City traffic tunnels provide safe, environmentally 
sound, fast, and unobtrusive urban mass transit systems, clearing vehicles from surface streets, 
which may partially be used for other purposes, leaving room for recreation areas and play- 
grounds above ground (ITA-AITES, 2002). 

The opportunity offered by a more intensive use of underground space also meets the need 
to foster local energy sources with a low environmental impact. Indeed, around one-third of 
global energy use is related to buildings and, of this, more than 70% is devoted to the produc- 
tion of thermal energy (REN21, 2022). Yet, despite strengthened commitments to climate 
change, the share of renewables for heating and cooling is very limited. 

In this perspective, energy geostructures are more and more being explored thanks to their 
peculiar characteristics that make them economically convenient and sustainable (Brandl, 
2006; Laloui and Di Donna, 2013; Barla et al., 2016). They are low enthalpy, closed-loop geo- 
thermal systems that use geotechnical structures, such as piles, walls or tunnels, adequately 
instrumented with a net of pipe loops to exchange heat with the ground. The possibility to 
thermally activate metro tunnels and stations is highly attractive and research on this topic is 
increasing (Delerablée et al., 2018; Zannin, 2022). 
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This paper will focus on the understanding of the thermo-hydraulic behaviour of a metro 
station of Turin Metro Line 2 equipped with energy diaphragm walls. After a brief description 
of the project, currently at the outlined design stage, a 3D FE numerical model reproducing 
the layout of the planned Mole-Giardini Reali station will be described with the goal to study 
the energy exchange potential of the thermoactive walls over time. 


2 TURIN METRO LINE 2 PROJECT 


Turin Metro Line 2 will connect the city from North to South over nearly 30 km, intersecting 
Metro Line | at Porta Nuova station. With its “Y” configuration it will be characterized by 
32 stations and three main sections including the central one and the two North and South 
extensions. The infrastructure will help strengthen the links between the main city hubs, 
including the automotive plant in Mirafiori, the university centers of the Einaudi Campus and 
Politecnico di Torino, the downtown area, and the San Giovanni Bosco hospital. Line 2 will 
connect with the existing local railway service thanks to three transfer points at Zappata, 
Rebaudengo and Porta Nuova stations. 

Currently, the outlined design of the first functional section of Turin Metro Line 2, included 
between Rebaudengo (pk 15 + 614.56) and Politecnico stations (pk 5 + 906.81), is ongoing 
(Figure 1). It is about 9.7 km long and includes 13 underground stations and 12 inter-section 
wells with ventilation, emergency exit and rescue access functions. 


Functional section S 
Politecnico - Rebaudengo |4 


BB Line stations of 
[BB Rebaudengo depot 
C Ventilation shaft 


Excavation mode 


Figure 1. Key-plan of Turin Metro Line 2 — functional section Politecnico-Rebaudengo with indication 
of the excavation modes. 


As shown in Figure 1, the line will consist of a natural tunnel section close to Rebaudengo 
station (576 m), an artificial section made by means of Cut&Cover technique (C&C) at one or 
two levels from the PT2 shaft to the Novara well PNO (about 3.0 km) and a section excavated by 
mechanized excavation (about 5.6 km) through the use of a Tunnel Boring Machine (TBM) with 
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an excavation diameter of about 10.0 m. A terminal well (PT1) for the extraction of the TBM will 
be located in the Politecnico rear station. The Rebaudengo rear-station building, as anticipated, 
will have the function of depot-workshop for scheduled routine maintenance on the trains, as well 
as the parking of 7 trains in prearranged stalls and a total of 10 trains at the end of the service. 
The crossroads in the North branch towards San Mauro Torinese will be set up. 

The project was developed with a strong focus on environmental sustainability. Indeed, 
among the solutions adopted and given the promising outcomes of the experimental campaign 
on the thermal activation of tunnel lining segments carried out on Turin ML1 South Exten- 
sion (Barla et al. 2019), authors were encouraged to investigate the applicability of energy 
geostructures for the project of Turin ML2. 


3 NUMERICAL MODEL OF THE MOLE-GIARDINI REALI STATION 


Thermal activation of Turin Metro Line 2 will include not only the tunnels excavated by TBM 
and C&C, but also the 13 stations. In the following, the case study of the Mole-Giardini Reali 
metro station will be studied by describing geometry, material properties, initial and boundary 
conditions of the thermo-hydraulic finite-element numerical model built. Such model allows to 
capture the key aspects of the problem by coupling both thermal and hydraulic physics, i.e. heat 
transfer and fluid flow. The equations governing the thermo-hydraulic problem are mass conser- 
vation, Darcy’s velocity law and energy conservation. It is thus possible to account for conductive 
heat transfer, mainly in the solid elements (ground, concrete structural elements) and partially in 
the heat carrier fluid in the pipes, and convective heat transfer in the heat carrier fluid, at walls 
intrados and in the ground (through groundwater flow in the shallow aquifer). The aim is to 
evaluate the thermal performance of the station and to understand the energy exchange potential 
of the thermoactive walls over time due to the above-mentioned heat transfer mechanisms. 


3.1 Geometry and pipes layout 


The Mole-Giardini Reali station is a 4-level underground building with the station platform 
running along the tunnel route. The three-dimensional BIM model of the station is shown in 
Figure 2 from which it is evident that the main chamber of the structure consists of an 
articulated series of diaphragm walls that reach various depths (max about 37.0 m from the 
ground surface). Along the shorter sides of the station, there are the entrances to the atrium 


Figure 2. 3D BIM model of the Mole-Giardini Reali station (left) and plan of the atrium level with 
indication of the thermally activated diaphragm walls (right). 
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level and further technical rooms (fire prevention, ventilation, etc.) which extend down to 
the underground level -1. 

On the basis of the presence of these artifacts and the different depths of the diaphragm 
walls, 7 sections (a, b, d, e, f, h, i) have been identified that can be fully activated for a depth of 
approximately 33.5 and 37.2 m, in addition to the two sections c and g which can be activated 
only in the upper portion of the tunnel (14.7 m long) as shown in Figure 2. The total number 
of potentially thermally activable diaphragm wall panels, each 2.80 m large, is 48. 

The geometry of the model was obtained by longitudinal extrusion of the vertical section 
(Figure 3a). The size of the model is such to define a compromise between calculation time 
and influence of the boundary conditions. The resulting dimensions are a width of 405 m, 
a height of 71.8 m and a thickness of 343 m. 

Hydraulic circuits were included within the vertical diaphragm walls for the simulation of 
the structures’ thermal activation (Figure 3b). The circuits were simulated by highly conduct- 
ive one-dimensional elements (called “discrete features”) characterized by an external diameter 
of 20 mm and 2 mm thick, with 3 U-shaped branches per panel equally spaced. The pipes are 
embedded in concrete at 6 cm from the ground. 

The tunnel excavated in TBM was also modeled, neglecting however the concrete lining, 
which was appropriately considered in the boundary conditions adopted (see Chapter 3.3). 
Also the linings cover and the base slab have not been modeled explicitly, for simplicity, but 
appropriate boundary conditions have been chosen here. Finally, the distribution of spaces 
inside the station has been neglected as it is not believed this will affect the heat exchange 
process. 


343.0m 


(b) 


Figure 3. View and main sizes of the 3D thermo-hydraulic numerical model of the Mole-Giardini Reali 
station (a) and hydraulic circuits geometry, view from North-East and from South-West (b). 


3.2 Material properties 


To define the key material properties characterizing the area surrounding the Mole-Giardini 
Reali station, reference was made to the procedure and parametrization described in Barla 
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et al. (2022). In detail, the parameters considered relevant are the groundwater table position 
(F), the undisturbed ground temperature (T), the groundwater flow direction (DF), the piezo- 
metric gradient (I), and the geological setting (Geo). Such parameters were evaluated as an 
average of those existing in a representative surrounding of the station with size given by two 
times the maximum width m and the maximum length n of the station itself (Figure 4). Such 
boundaries are the same chosen for the model domain in Figure 3a. 

The input data for the determination of parameters F, T, DF, I and Geo were derived from 
the design documentation available and from specific thermo-hydro-geological investigation. 
In particular, regarding F, DF and I reference was made to the October 2021 groundwater 
level shown in the project documentation deriving from the analysis of bibliographic data, of 
the piezometric surveys carried out during the feasibility study and of the results of 
a campaign to measure the groundwater level carried out in the same month of October 2021. 
This aquifer level is located within the lower half of the band of maximum seasonal excursion 
of the aquifer which has been identified as being approximately 2 m. The thermal parameters 
of the aquifer (T) derive from measurement campaigns carried out on piezometers in 2022. 
For the detailed stratigraphy of the ground around the tunnel (Geo parameter) reference was 
made to the reconstruction of the subsoil along the tunnel based on the results of all the direct 
and indirect investigations carried out within the feasibility and the outlined design. 


Figure 4. Extension of the area around the Mole-Giardini Reali station where the average parameters 
F, T, DF, I and GEO are evaluated. 


According to the procedure described above, the piezometric surface resulted to be located 
at a depth of about 9.8 m. The groundwater direction is 79° with respect to the North axis (i.e. 
23° clockwise with respect to the route direction) and the groundwater flow gradient is 0.56%. 
Undisturbed ground temperature corresponds to 15.5°C and the stratigraphy identified is 
characterized by two geological formations, sandy-gravel deposits (AFR) up to around 
24 m depth and clay layers below (FAA). Thermo-hydraulic properties of such formations, as 
well as of concrete (from Insana and Barla, 2020), are shown in Table 1. 
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Table 1. Thermo-hydraulic properties of the different geological units involved in the numerical model 
and of concrete. 


Geological Horizontal Vertical to horizontal per- Effective Thermal Thermal 
unit permeability meability ratio porosity conductivity capacity 
ky [m/s] k/ky [-] ne [-] A [W/mK] pc [J/(m?°K)] 

AFR 1.93-10° 0.05 0.175 4.22 2.60-10° 
FAA 1.00-10° 0.05 0.05 4.19 2.30-10° 
Concrete —_1.00-10°"° 1 0 1.12 2.19-10° 


Horizontal permeability was defined based on literature data and on specific campaigns, 
namely in-hole Lefranc tests carried out in the framework of the feasibility and outlined 
design, pumping tests and slug tests. The permeability anisotropy ratio used derives from the 
numerical back-analyses of the pumping tests conducted on the extraction geothermal wells of 
the Intesa Sanpaolo Headquarters (Barla et al. 2012, 2013). This ratio is justified by the pres- 
ence, at least within the AFR unit, of lenses made of material with different cementation levels 
characterized by lower permeability, especially in the vertical direction. Effective porosity 
values for the two geological-stratigraphic units were defined from data available in the litera- 
ture (Celico, 1988). Thermal conductivity, intended as that of the solid phase, was obtained 
from a simple hand calculation accounting for the degree of saturation and the porosity based 
on the results on three in situ Thermal Response Tests (TRTs). Last but not least, the values 
of specific heat capacity adopted in this work were obtained from data available from litera- 
ture (Eppelbaum et al. 2014) as the average of that of the different lithotypes present within 
the different units. The volumetric heat capacity of the different units was obtained starting 
from the specific heat capacity considering typical density values equal to 2600 and 2100 kg/ 
m° respectively for the characteristic lithotypes of AFR and FAA. 


3.3 Initial and boundary conditions 


The initial thermal conditions consist in defining the temperature throughout the model, equal 
to 15.5°C. As for the boundary conditions, a Dirichlet boundary condition was applied both 
on the upper and lower faces of the model and at the inlet of the pipe for the entire duration 
of the thermal activation. On the upper face, the temperature was set based on the annual 
time history recorded in 2021 at a weather station close to the future Mole-Giardini Reali 
metro. On the lower one it was set equal to 15.5°C, by virtue of the high depth and the absence 
of influence of seasonal thermal fluctuations. The temperature is 4°C in winter and 28°C in 
summer at the pipes’ inlet. A Cauchy boundary condition was imposed at the tunnel extrados 
and along all the internal nodes of the station. The temperature at the tunnel extrados varies 
linearly between 9°C in winter and 24°C in summer, while in the station between 16°C in 
winter and 28°C in summer. The value of the heat transfer coefficients adopted for the 
Cauchy boundary conditions described above is equal to: 


— 5.3 W/(m°K) at the intrados of the station platform and the upper slab of the station, 
obtained from the calibration of a thermo-hydraulic finite element 3D model based on the 
results of the experimental tests carried out on the Enertun prototype installed in Piazza 
Bengasi (Insana and Barla, 2020; Insana, 2020); 

— 1.83 W/(m?K) along the extrados of the tunnel; 

1.11 W/(m°K) along the intrados of the diaphragm walls by the 80 cm thick concrete lining; 

— 0.56 Wi(m°K) along the elements of the base slab in contact with the ground. 


The latter three were calculated considering, through a series connection, the thermal resist- 
ance represented by a thickness not modeled of 0.40, 0.80, and 1.80 m and a thermal conduct- 
ivity of 1.12 W/(mK). 

The initial hydraulic conditions were obtained through a purely hydraulic steady-state ana- 
lysis during which the hydraulic conductivity parameters of AFR, FAA and concrete were 
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defined, and the hydraulic load was adequately fixed on all external vertical boundaries of the 
model. As a further hydraulic boundary condition, the velocity at the point of entry and exit 
from the pipes was set at 0.9 m/s exclusively during the thermal activation. 


4 RESULTS AND DISCUSSION 


The results obtained at the end of the 60 days-long thermal activation stage show 
a temperature differential between 3.0 and 7.2°C in winter (Figure 5a) and 2.0 and 7.4°C in 
summer for an average of 5.1 and 4.2°C respectively. The overall thermal power obtained in 
winter is 84.8 kW, higher than the one in summer of 70.0 kW. This is probably due to the 
higher winter temperature difference between the heat carrier fluid and the inner air tempera- 
ture, equal to 12°C, whereas in summer such difference is null. Instead, temperature difference 
between the heat carrier fluid and the groundwater are comparable in summer and in winter. 

As it is possible to see, the performance changes considerably depending on the circuit loca- 
tion and arrangement. A great role in this sense is played by groundwater flow whose natural 
velocity (around 0.93 m/d in the AFR formation) and direction is greatly altered by the pres- 
ence of the station due to “dam effect”. Figure 6 exemplifies the change in the Darcy’s velocity 
around the metro station 6 m below the phreatic surface (around 16 m from the ground sur- 
face). The flow velocity increases on the lateral sides and decreases on the upstream and down- 
stream sides of the station. Therefore, in correspondence of lateral sides the thermal recharge 
would be largely beneficial, making them more appropriate for energy geostructures installa- 
tion. However, this was not possible due to the presence of artifacts, as described in Chap- 
ter 3.1. Notwithstanding, the better thermal performance of circuits close to the station 
corners (e;, f; and 7) is consistent with this observation. Also c3 is positively affected by the 
change in groundwater flow. 


(a) (b) 


Figure 5. Temperature within the geothermal loops (a) and in a horizontal cross section at the tunnel 
axis depth (b) at the end of the heating season. 


The thermal alteration produced by the presence of the station at the tunnel axis depth can 
be seen in Figure 5b. Compared to the situation with no thermal activation, it can be stated 
that the thermal field is slightly altered just in the station surroundings, up to a distance of 
about 4-5 m from the diaphragm walls extrados, because the groundwater flow is very slow 
where most of the circuits are located. The thermal plume that can be seen is in large part due 
to the tunnel and station internal air temperature. Likely, the thermal plume would have 
looked different in case of thermal activation of the shorter station sides. 
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The quantification of the exploitable energy allows understanding in which proportion the 
user demands of the buildings above and of the station itself could be possibly met. Based on 
the results obtained, up to 59 and 56% of the station thermal need (213 kW in winter and 302 
kW in summer from the feasibility design) could be fulfilled by geothermal energy in winter 
and in summer respectively (assuming a heat pump with a coefficient of performance of 3). 
Alternatively, thermal energy could be delivered to users detected in a 100 m-radius buffer 
area around the station. In particular, 39 residential buildings, 2 schools and a post office 
have been identified thanks to a geospatial analysis. 
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Figure 6. Darcy’s velocity around the Mole-Giardini Reali station. 


5 CONCLUSIONS 


The underground expansion of urban transportation infrastructures brings environmentally 
positive spill-overs effects not only per se, because it reduces pollution and frees surface streets 
from vehicles, but also because it offers the opportunity to transform geostructures into heat 
exchangers to capture and store heat within the ground. The paper showed a possible applica- 
tion of energy diaphragm walls to the Mole-Giardini Reali metro station, one of the 13 sta- 
tions planned within the first lot of Turin ML2 project. A 3D finite-element, thermo-hydraulic 
model reproducing the geometry and thermo-hydro-geological characteristics was built to 
assess the thermal performance of the energy walls. Based on the results obtained, a relevant 
thermal power otherwise unexplored was unraveled. Such energy could contribute to provid- 
ing more than one-half of the station’s thermal need in winter and in summer. 
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ABSTRACT: Actual laboratory rock cutting tests were numerically simulated using the dis- 
crete element method as implemented by the open-source framework Yade. The objective was 
to gain a better understanding of how the simulation setup influences the realism of the 
obtained results, thus providing the basis for developing useful numerical simulation models 
for solving actual rock engineering problems. The aim is twofold: On the one hand, to realis- 
tically simulate the rock medium by considering its inhomogeneous nature. This is achieved 
through the use of the interaction range coefficient in a model developed in 3D. On the other 
hand, to examine the combined effects of the microparameters’ values on the cutting force his- 
tory, in terms of the force magnitude and the data series in the time domain and frequency 
spectrum. In this paper, a four-step calibration process for identifying the optimum set of 
microparameters’ values is presented. The process is based on the “Design of Experiment’ 
method and optimization techniques. The resulting models were evaluated against the actual 
laboratory test results both quantitatively and qualitatively. It was concluded that well cali- 
brated numerical simulations of the rock cutting process can provide good approximations 
regarding the cutting force and energy requirements. Hence, they could be used for the per- 
formance prediction of actual rock cutting setups when it is not possible to obtain hard data. 


1 INTRODUCTION 


The Discrete Element Method (DEM) is widely used to simulate the mechanical behavior of 
rocks by representing the numerical assembly as a collection of discrete elements (DE) bonded 
together at their contact points. While numerical approaches like FEM and Hybrid-based mod- 
elling methods represent failure indirectly through empirical relations, DEM deals with the 
breakage of each individual DE. The open-software Yade (Smilauer et al. 2015) that provides 
a framework for the DEM has been reported as suitable for solving many engineering problems 
(Kozicki and Donzé 2009). To simulate the mechanical behavior of a rock in Yade a calibration 
procedure is required so that the stmulated macroscopic response is matched with the corres- 
ponding actual response. Typically, the set of microparameters is chosen by ‘trial-and-error’, 
which is time consuming and lacks reliability. Therefore, several researchers have examined the 
influence of microparameters in an attempt to streamline the calibration process (Potyondy and 
Cundall 2004, Scholtés and Donzé 2013). Moreover, alternative approaches based on statistical 
methods have been reported by Yoon (2007) and Li et al. (2017). 

Ideally, the simulation should provide a realistic representation of the actual response of the 
rock during the cutting process. This should not be limited only to the aggregate measures like 
the mean cutting force but should also represent the stochastic sequence of cutting force 
values that highlight the brittle or ductile failure mechanism. 
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In this paper, a calibration process based on “Design-of-Experiments’ (DOE) and optimiza- 
tion principles is presented. The aim is to realistically simulate the rock material and the cut- 
ting process by controlling the grain interlocking of the numerical assembly and streamlining 
the calibration process, while focusing on the cutting force and the failure mechanism. 

The objective is to provide a method for calibrating numerical DEM models of rock cutting in 
a systematic way. These models could be used not only for gaining a better understanding of the 
cutting process but also to develop tools for predicting the performance under specific conditions. 


2 BACKGROUND 


2.1 Constitutive model and interaction range coefficient in Yade 


A bonded particle model (BPM) implemented in Yade shares similarities to other available DEM 
codes, as described by Hamdi et al. (2017). The generated forces and displacements between the 
discrete elements (DE) are correlated using appropriate stiffness parameters. The mechanical 
behavior of the BPM under the impact of external loading is presented in detail by Potyondy and 
Cundall (2004). To prevent unrealistic macroscopic responses of the numerical assembly because 
of the models’ dynamic character, a global damping coefficient is used for controlling the dissipa- 
tion of the kinetic energy and ensure quasi static conditions during high loading rates. 

While in a typical DEM simulation a bond is created only when two DE are in contact, Yade 
provides an additional feature (Scholtès and Donzé 2013), the interaction range coefficient Yint, 
which allows the creation of bonds between DE that are not in contact during the model gener- 
ation. This specific feature is an alternative to the clump logic (Cho et al. 2007) and to the flat- 
joint contact model (Potyondy 2012). Hamdi et al. (2017) describe the bond creation mechanism 
for given values of yint in Yade. When yint is equal to one (i.e. the default value), bonds are estab- 
lished only between DE that are in contact, while for Yint greater than one, bonds are established 
also between particles that are not strictly in contact, thus enhancing the interlocking of grains. 
The maximum value of yint should be equal to or less than 1+(Rinin/Rmax), in order to avoid 
unrealistic bonding of nearby particles, as is the case when a minimum sized particle is located 
between two interacting maximum sized particles (Scholtés and Donzé 2013). 


2.2 Design of Experiment 


The “Design of Experiment” (DOE) is defined as a rigidly precise approach to engineering 
problems that applies principles and techniques at the data collection stage to ensure the gen- 
eration of valid conclusions (NIST 2012). The factors are chosen based on their physical 
meaning, whereas the response is the result of the input variables. A special class of DOE that 
is used for screening purposes is the Plackett-Burman (PB) method (Plackett and Burman 
1946). In this method, the main effects are estimated with a reduced number of runs ignoring 
the interactions between them. Based on the number of runs, the less important factors are 
screened out and the linear effects can be estimated with high accuracy. 

The Central Composite Design (CCD) method is an experimental design for estimating the 
interactions and the higher-order effects of each independent variable on the macroscopic 
response. It is based on a factorial design, where the factors are increased from the center of 
the design through a group of star-points that allow estimation of the curvature. More details 
related to the applicability of the methods can be found in NIST (2012). 


3 LABORATORY ROCK CUTTING TESTS 


In this work, the numerical modeling was based on actual laboratory rock cutting tests on 
sandstone, following Fowell’s (1993) suggestions, that were carried out at NTUA’s Labora- 
tory of Excavation Engineering. The cylindrical samples were cut parallel to their longitudinal 
axis with a tungsten carbide drag tool. The geometrical characteristics during the test 1.e. the 
depth of cut, the cutting speed, the rake angle, the back rake angle, and the tool width were 
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kept constant and assigned values of 5 mm, 210 mm/s, 5° (degrees), 5° (degrees) and 12.7 mm 
respectively. The mechanical characteristics of the sandstone were measured to be: density p = 
2675 kg/m?, Young’s Modulus E = 44.1 GPa, Poisson’s ratio v = 0.24, Uniaxial Compressive 
Strength o = 135.7 MPa, Brazilian Tensile Strength 12.3 MPa, and friction coefficient ọ = 
43.94° (Anagnostou 2006). Although UCS is commonly used as the primary index for the 
characterization of rocks (Brandy and Brown), the mechanism failure in the microstructure is 
attributed to tensile rupture mechanisms. A Uniaxial Tensile Strength (UTS) of o, = 8.6 MPa 
was estimated from the Brazilian Tensile Strength (BTS) indirectly by using the relation pro- 
vided by Perras and Diederichs (2014). Thus, the macroscopic strength ratio o,/o, equals 15.8. 
On each sample, four cuts were performed and for each cut the full cutting force data-series 
was recorded, which was then used for calculating the mean cutting force as listed in Table 1. 


Table 1. Calculated mean cutting forces (Anagnostou 2006). 


Cut 1 Cut 2 Cut 3 Cut 4 
MCF (kN) 2.07 1.87 2.19 2.32 
Range 1.87-2.32 


The cutting force recordings from the laboratory rock cutting tests are given in Figure la. 
During the tests, oscillations of the force are observed that are attributed both to the brittle 
behavior of the rock and to the stiffness of the test apparatus. The formation of coarse chips is 
the result of brittle rupture that continuously changes the specimen geometry under the cutter 
and alters the contact characteristics. However, the formation of smaller chips and fines is not 
obvious in these recordings in the time domain. The Fast Fourier Transformation was used for 
analyzing the recordings in the frequency spectrum (Rojek et al. 2011). The results are shown in 
Figure 1b, where the dominating frequency related to the formation of chips is highlighted. 
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Figure 1. Actual laboratory rock cutting force recordings, (a), in the time domain and, (b), in the fre- 
quency spectrum. 


4 NUMERICAL SIMULATION OF ROCK CUTTING 


4.1 Initial calibration 


In a DEM simulation, the values assigned to the model microparameters influence the macro- 
scopic response of the model. Typically, the model is calibrated so that its behavior mimics the 
behavior of the real material. The most common problem, when simulating rock material with 
spherical discrete elements, is that usually an unrealistic macroscopic strength ratio is yielded. 
Several approaches have been proposed for mitigating this problem. One approach is to use 
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discrete elements of various shapes for generating the numerical assembly (Cho et al. 2017, 
Potyondy 2012). Alternatively, when using spherical discrete elements an interaction range coeffi- 
cient is introduced to control the interlocking of the elements (Scholtés and Donzé 2013). The 
latter method was applied in the present study. The model was initially calibrated by performing 
a series of numerical uniaxial tensile strength (UTS) tests with the interaction range coefficient 
Yint equal to 1.10, 1.25, and 1.50. The values assigned to the microparameters interparticle modu- 
lus and local tensile strength were chosen through ‘trial-and-error’ so that the numerical assembly 
matched the UTS and Young’s modulus of the actual material. The brittle behavior of the assem- 
bly was secured by setting the shear strength ten times the local tensile strength. These tests were 
followed by similar numerical uniaxial compressive strength (UCS) tests. The values used in these 
simulations, as well as the macroscopic response of the model, are listed in Table 2. 

The numerical model for yin equal to 1.25 gave the most realistic results and, thus, was used 
in the following experimental design. The results from both UTS and UCS test simulations 
for Yint equal to 1.25 are shown in Figure 2. 


Table 2. Microparameters values and the corresponding macroscopic responses. 


Microparameters Macroscopic Response 
Yint Esq t c (0) UTS E UCS 
(—) (GPa) KNKS(—) (MPa) (MPa © (MPa) (GPa) (MPa) UCS/UTS 
1.10 70 2.5 20 10t 43.94 8.7 44.63 12 8.27 
1.25 42 2.5 11 10t 43.94 8.9 45.36 136 15.28 
1.50 21.5 2:5 6 10t 43.94 8.7 43.30 184 21.15 
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Figure 2. Numerical simulations of UTS and UCS for Yin equal to 1.25. 


4.2 The rock cutting simulation setup 


The setup of the numerical model for the rock cutting simulation is illustrated in Figure 3a. 
Facet elements were used for modelling the cutter as a rigid body. Walls were constraining the 
specimen on three sides and the bottom, while the top surface was set free for allowing the 
formation of chips, as described by Lei et al. (2004). The cutting forces are influenced by the 
geometrical characteristics of the cut. Assigning different values in rake and back-rake angle, 
depth of cut and cutting speed the cutting forces histories and the failure pattern will be differ- 
ent. In the present work, the simulated geometrical characteristics of the cut were chosen to be 
identical to that of the actual cut. In order to achieve results that attributed to the brittle 
behavior during cutting, the assigned cutting speed was 2m/s. 
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4.3 Calibration with the Plackett-Burman method 


The basic purpose of the PB method is to screen out the less important factors affecting the 
macroscopic response. In order to apply the PB method, the factors were scaled so that the 
physical values coded to a high (+1) and a low (-1) level. A center point having a zero value 
was set between these two extremes. Table 3 lists the assigned levels and the corresponding 
transformation equations. Numerical simulations of rock cutting were executed by changing 
one-factor-at-a-time and the effect on the macroscopic response was recorded. The results are 
illustrated in Figure 3b. It is observed that the normal bond strength, the shear bond strength, 
and the interparticle coefficient influence proportionally the mean cutting force, while the 
effect of the elastic parameters’ stiffness ratio and the interparticle elasticity is not clear. 


6 Simulated Mean Fc [kN/12.7 mm] 
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Figure 3. (a) Numerical rock cutting setup in Yade; (b) Sensitivity analysis of microparameters on the 
mean cutting force. 


Table 3. The coded and uncoded microparameters values. 


Lower/Upper level Transformation equation* 
Microparameter -1 0 1 
Particle Modulus E (GPa) 20 60 100 Un=40-Co+60 
Stiffness Ratio KNKS (—) 2.0 2.5 3.0 Un=0.5:Cot+2.5 
Normal Strength t (MPa) 5.0 10.0 15.0 Un=5.0-Co+10 
Shear Strength c (MPa) 55.0 110 165 Un=55-Co+110 
Friction Coefficient phi (rad) 0.17 0.47 0.77 Un=0.3-Co+0.47 


* Transformation equations from Coded to Uncoded 


From the application of the PB method, the effect, the coefficient, and the p-value for each 
microparameter was found as listed in Table 4. From the absolute value of each effect, the 
‘strength’ of each microparameter was calculated, i.e. the magnitude of the effect each micro- 
parameter has on the response. The coefficients were used for constructing the linear model 
(Equation 1) that relates the microparameters to the mean cutting force. Finally, the p-value 
indicated the level of significance of each microparameter. For a p-value up to 0.05 the micro- 
parameter is considered significant. Based on the PB results, the mean cutting force is mostly 
influenced by the local tensile strength and the interparticle friction. 


MCFpgz = 2.138 + 0.07-E — 0.077-KNKS + 0.6:t + 0.075-c + 0.72-phi (1) 
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Table 4. Results of the Plackett-Burman screening design. 


Factor Effect value Relative Strength (%) Coefficient p-value 


Constant - - 2.138 0.05 

E 0.0350 4.5 0.07 0.69 

KNKS -0.0380 4.9 -0.077 0.66 

t 0.3000 38.9 0.6 0.06 

c 0.0375 4.9 0.075 0.67 

phi 0.3610 46.8 0.042 
Sum 0.7715 100.0 0.72 

R-sq 95.02% 


Table 5. CCD statistical analysis results. 


Term Constant t phi t“ phi t-phi 
Value 2.19 0.56 0.81 -0.03 0.03 0.17 
R-sq 99.72% 


4.4 Calibration with the central composite design method 


With the microparameters affecting the most the mean cutting force known, the CCD method 
was applied for estimating their quadratic relations to the macroscopic response. The method 
was applied by using the Central Composite Circumscribed type of analysis, where the star- 
points are on a circle around the factorial space at a distance a from its center. Based on the 
number of the factors the distance equals to +v2 (NIST 2012). The coefficients obtained from 
the analysis are listed in Table 5. These were used to construct the non-linear relation (Equa- 
tion 2) between the two dominant microparameters and the mean cutting force, which model the 
quadratic and interaction effects. The corresponding response surface is illustrated in Figure 4a. 


MCF cp = 2.189 + 0.566-t + 0.808-phi — 0.032:t? + 0.037-phi? + 0.168-tphi (2) 
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Figure 4. (a) Response surface from the CCD analysis; (b) The actual and simulated cutting force 
recordings of Cut #1 for different values of the interaction range coefficient. 


4.5 Calibrated rock cutting simulations 


The linear and non-linear models were used to calibrate the model and numerical rock cutting 
tests were executed for different values of the interaction range coefficient. The set of values 
assigned to the microparameters for the simulation of the first cut are listed in Table 6. 
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Table 6. Set of microparameters for Cut #1. 


Yint N 0) E KNKS t c MCF 


Cy © (degree) (GPa C9 (MPa) (MPa) œN)  Stdev (KN) 
1.10 6.6 17.5 20 2.5 15 It 1.07 0.50 
1.25 8.7 24 40 2.0 11 2t 1.48 0.80 
1.50 12.8 24 30 1.5 6 2.8t 1.27 1.10 
Table 7. Statistical measures for Cut#1. 
Cut#1 Actual Yint 1.10 Yint 1.25 Yint 1.50 
Skewness 0.314 1.011 1.606 2.934 
Shape Kurtosis -0.184 1.132 3.987 12.715 


In Figure 4b a comparison of an actual laboratory cutting test and the respective recordings 
obtained from the numerical simulation for different interaction range coefficients is shown, 
regarding: (a) the cutting force recordings in the time domain, (b) the cutting force value dis- 
tribution, and (c) the frequency spectrum. The statistical measures describing the shape of the 
cutting force distributions are given in Table 7. These measures were used to compare quanti- 
tatively the actual cutting force data to the simulated ones. 

Generally, after taking under consideration all the laboratory and numerical cuts, the 
actual cutting force data are distributed symmetrically, while the simulated for all values of 
the interaction range coefficient are asymmetric with positive both skewness and kurtosis. 
This is attributed to the fact that for higher values of the interaction range coefficient more 
larger blocks of interacting DE exist in the model, which during cutting require higher 
forces for breaking the interacting bonds. By qualitatively observing the cutting force 
graphs in both the time domain and the frequency spectrum, a close match between the 
actual and the simulated for yint equal to 1.25 is identified. This analysis reveals that, in gen- 
eral, more realistic simulations of cutting the given type of examined rock, are achieved for 
lower values of the interaction range coefficient. With higher values of the coefficient, many 
positive outliers are observed, which results in substantially differentiated values of the cut- 
ting force. 


4.6 Microparameter optimization 


Finally, an optimization method was applied for identifying the optimum set of micropara- 
meters that result in a fair qualitative agreement between the responses of the numerical 
model and that of the actual material. The Sequential Least Squares Programming method 
was used, which is very efficient in solving non-linear constraint problems. The objective was 
to minimize the absolute difference between the estimated mean cutting force from the cali- 
brated CCD model and the actual mean cutting force. Additionally, the linear model was used 
as a constraint to bound the solution by incorporating the effects of all the microparameters. 

The ‘minimize’ function provided in Python’s scientific package was used to solve the opti- 
mization problem. The results were uncoded using the transformation equations in Table 3 
and assigned to the corresponding microparameters of the numerical model. The set of micro- 
parameters’ values for each optimization run are listed in Table 8. 

In Figure 5 the full cutting force data-series from the actual tests and the optimized simula- 
tions are illustrated. In the actual recordings the brittle behavior of the rock with distinct 
load-failure cycles around the MCF is observed. The ‘high spikes’ in the simulated data series 
are attributed to the non-crushing phenomena and the rigidity of the discrete elements. 
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Table 8. The optimum set of microparameters. 


Cut Microparameters 

Coded Uncoded 

E KNKS t c Phi E KNKS t c Phi 
Cut1 0.94 -0.81 0.27 -0.17 -0.31 97.81 2.09 11.4 100.58 21.00 
Cut2 0.93 -0.88 0.17 -0.18 -0.50 97.45 2.05 10.86 99.85 18.37 
Cut3 0.99 -0.93 0.37 -0.18 -0.22 99.76 2.03 11.85 99.78 23.07 
Cut4 0.99 -0.91 0.43 -0.17 -0.12 99.81 2.04 12.18 100.55 24.80 


=] kN 


Cutting Forces [ 


20 20 
z Sm_54 
x — Sm 54 m 
T12 an 5d 
m © a Sim MCFS3 . a Sm MCAS 
è 4 
2 104 10 
[e] 
u i 
2 54 54 | 
E \ 
= 
oO 

Ji, T —— 0L T 

0 1 2 3 4 5 0 1 2 = 4 5 
Time [=] s Time [=] s 


Figure 5. Actual and optimized cutting force data series for four cuts on sandstone samples. 


5 CONCLUSIONS 


In this paper, the behavior of rock during cutting with a drag pick has been simulated numer- 
ically with the use of a 3D bonded particle DEM model implemented in Yade. The aim was 
twofold: firstly, to realistically simulate actual laboratory cutting tests on sandstone specimens 
that were performed at NTUA’s Laboratory of Excavation Engineering by examining the 
combined effect of the microparameters’ values on the cutting force history and the failure 
mechanism. Analysis of the cutting force history for different values of the interaction range 
coefficient revealed that for higher values of the interaction range coefficient: (i) the cutting 
force is distributed in a wider range, (ii) the cutting force peaks have a higher amplitude, and 
(iii) the failure mode becomes more brittle, as the low frequency-high amplitude events 
increase in number. Secondly, to propose a method for calibrating bonded-contact models for 
rock cutting simulations in a systematic way. An initial calibration was performed by ‘trial- 
and-error’, aiming at matching the typical macro-mechanical characteristics of the numerical 
assembly to that of the actual rock. In the second step, the linear relationship between the 
microparameters values and the mean cutting force was derived and was used to screen out 
the least important microparameters. A quadratic relationship between the two most import- 
ant microparameters and the mean cutting force was derived considering higher-order effects. 
Finally, an optimization problem was used to identify the optimum set of microparameters’ 
values that yield realistic results when numerically simulating the rock cutting process. It is 
concluded that well calibrated numerical simulations of the rock cutting process can provide 
not only a better understanding of the process itself but also quantitative data regarding the 
cutting force and energy requirements. 
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ABSTRACT: The Metro Tunnel Project will deliver twin 9 km rail tunnels from Ken- 
sington to South Yarra as part of a new end-to-end Sunshine to Dandenong rail line in 
Melbourne. In addition to the tunnels, five new underground stations will be con- 
structed. Town Hall station will be located at the southern end of Melbourne’s CBD. 
The station will be constructed within excavated shafts, mined caverns and adits (under- 
ground passenger connections). The excavations are bordered by a range of buildings 
including a number of heritage listed structures. This paper outlines the approach taken 
to assess ground movement impacts on the buildings, describes the instrumentation 
installed to monitor building movements during construction and compares some of the 
predicted and measured movements. 


1 INTRODUCTION 


The Metro Tunnel Project is part of a new end-to-end rail line in Melbourne, Australia. The 
Metro Tunnel will increase capacity on the rail network by half a million passengers per week 
during peak periods. Connecting the planned Melbourne Airport Rail services into the Metro 
Tunnel will provide passengers with a 30-minute service into the CBD. 

Trains will run in twin 9 km rail tunnels from Kensington to South Yarra. In addition to 
the twin tunnels, five new underground stations are being constructed, together with associ- 
ated upgrades to signalling, trams and suburban rail services. 

Excavation of the twin rail tunnels has been completed using four 7.28 m diameter mix 
shield TBMs operating at depths of up to 40 m. Twenty-six cross passages, approximately 
230 m apart, were excavated between the twin tunnels using conventional mining techniques. 
Station excavations are being constructed as either cut and cover box structures or mined cav- 
erns and adits. 


2 TOWN HALL STATION 
Town Hall station is located directly below Swanston Street between Collins Street and Flin- 
ders Street within Melbourne’s Central Business District. In addition to busy foot traffic, 


Swanston Street is a busy tram corridor with twin tram tracks crossing two other tram routes 
along Collins Street and Flinders Street. 
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The section of Swanston Street above the Town Hall station excavations is bordered by 
a number of historical buildings listed on the Victorian Heritage Register as structures signifi- 
cant to the history and development of Victoria. 

A number of major utilities are also buried below Swanston Street including brick sewer 
and stormwater utilities of up to 1750 mm diameter and cast iron watermains of up to 
450 mm diameter. 
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Figure 1. Tunnel alignment and stations. Figure 2. Swanston Street above Town Hall station. 


3 MINIMISING GROUND MOVEMENT IMPACTS 


To minimise impacts on the existing buildings, trams and utilities, Town Hall station has been 
excavated using mined caverns and adits using a ‘trinocular’ form of cavern construction com- 
prising a large central cavern and two platform tunnels housing the rail lines. The caverns and 
connecting adits have been mined using roadheaders from within access shafts excavated 
using top down construction where feasible and propped and anchored to reduce shaft wall 
movements. 


Central cavern 
Rail tunnel Rail tunnel 


Figure 3. Trinocular caverns at Town Hall station (conceptual). 
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4 STAKEHOLDER CONSULTATION 


The project was characterised by extensive stakeholder consultation on ground movement 
impacts. Stakeholders helped to provide valuable information on building construction and use, 
facilitated visual inspections to understand building sensitivity and gave permission to install 
instrumentation. Comprehensive presentations were provided to stakeholders explaining the 
works planned, predicted impacts and monitoring proposed. During construction stakeholders 
were provided with regular updates on construction progress and monitoring results. 


5 SETTLEMENT PREDICTIONS 


Ground conditions were informed through comprehensive ground investigation to define both 
material and rock mass parameters, in situ stress conditions and the location of faults and 
dykes. Investigations showed excavations would predominantly take place within weathered 
mudstone. 

Settlements and lateral movement of the ground adjacent to shafts and cut and cover sta- 
tion box excavations were modelled using 2D and 3D finite element analysis software (typic- 
ally Plaxis). Movement results were converted to ground movement curves and imported into 
the Xdisp model, applying corner stiffening where appropriate. For buildings with greater 
than one storey of basement, subsurface assessments were undertaken to account for move- 
ments at depth. 

Ground movements for adits and caverns were obtained from detailed FLAC 3D analysis 
models conservatively assuming lower-bound Ko ground conditions for ground movement 
impact assessments. The contours from the models were then merged in GIS and imported as 
a 3D surface in Xdisp. Ground movements from FLAC 3D were modelled at two levels. 
Ground surface movements were used to assess ground movement impacts on buildings and 
utilities within 4m of the ground surface. Ground movements were also modelled at 10m 
depth. These sub-surface movements were used to model ground movement impacts on util- 
ities and structures deeper than 4m. 

Ground movements from tunnels were modelled directly within Xdisp using volume loss 
and trough width parameters. 

The different components of settlement and lateral movement were combined in Xdisp to 
derive the total predicted settlement and horizontal ground movement. 


6 IMPACT ASSESSMENTS 


Impact assessments were conducted for buildings, civil structures, utilities, tram and rail lines 
within the Zone of Influence. The Zone of Influence was established as the 5mm ground settle- 
ment contour due to excavation of the tunnels, adits, caverns and shafts. The methodology 
used for building impact assessments is described below. 


6.1 Building impact assessment phases 


The building movement impact assessments were completed in a phased manner starting with 
simpler methods of analysis and progressing to more rigorous approaches for more critical 
buildings. 

Phase | preliminary assessments were based on greenfield surface settlement predictions to 
capture buildings for further assessment. Buildings within a 10mm settlement contour were 
taken directly to Phase 2 assessment. Buildings which are heritage listed, in proximity to the 
excavations (within H/2) or with a deep basement (i.e. > 2 levels) were taken directly through 
to a Phase 3 assessment. 
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Phase 2 building impact assessments were carried out based on an elastic beam analogy and 
the concept of limit tensile strains using the software programme Xdisp. 

Phase 3 detailed building impact assessments were carried out for any structures not elimin- 
ated in the previous levels of assessment. 


6.2 Structural visual inspections 


Structural visual inspections were completed on buildings identified for Phase 2 or 3 assess- 
ment. The inspections were completed to confirm the condition, heritage elements and struc- 
tural form of buildings which may be impacted by ground movements. 


6.3 Building damage classification 


Buildings were modelled in Xdisp as a simple elastic beam which is conservatively assumed to 
follow greenfield ground displacements. The beam was divided into hogging and sagging 
elements. The tensile strains within each segment were then calculated based on the distortion 
associated with differential settlement (which is characterised by the displacement ratio) and 
the distortion associated with differential horizontal displacement (characterised by horizontal 
strain). 

The maximum tensile strain within the building superstructure associated with these 
movements was assessed based on the methodology described by (Mair, Taylor, & Bur- 
land, 1996). This strain was then used to determine the damage category based on the 
classification proposed by (Burland, 1995) for masonry structures and summarised in 
Table 1. 

Building damage categories for buildings surrounding Town Hall Station ranged from Cat- 
egory 0, Negligible to Category 2, Slight. 


Table 1. Burland damage classification. 


Category of Damage Limiting Tensile Strain (%) Approx Crack Width (mm) 


0 — Negligible 0 to 0.05 <0.1 

1 — Very Slight 0.05 to 0.075 0.1 to 1.0 
2 — Slight 0.075 to 0.15 lto5 

3 — Moderate 0.075 to 0.15 5 to 15 

4 — Severe >0.3 15 to 25 


6.4 Impact of building stiffness 


The tensile strains calculated and used to assign a Burland Damage Category to each building 
assumed no impact from the stiffness of the building itself. Potts and Addenbrooke (1997) dem- 
onstrated that building stiffness could be expected to have a significant moderating effect on 
‘greenfield’ building tensile strain. Similar findings were presented by Franzius, Potts and Burland 
(2005). The modification factors proposed by Potts and Addenbrooke strains were not applied to 
reduce the predicted damage category, but instead used to justify that the building damage pre- 
dicted was likely to be a conservative assessment. 


6.5 Building sensitivity 


The methodology proposed by Burland was based on ground movement impacts on masonry 
structures. Some of the buildings adjacent to Town Hall station were of typical masonry con- 
struction but others were constructed using reinforced concrete and steel frames or contained 
fewer floors than typically associated with a building of the same height. 
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Some of the heritage buildings had sensitive facades and tiled interiors not typically 
found in masonry buildings which increased their sensitivity to movement. The struc- 
tural condition of buildings also varied, making some more susceptible to ground 
movements. 

For these reasons a building sensitivity scoring system was developed after that proposed 
by Devriendt, Palmer, Hill and Lazarus (2013) to enable structural, heritage and condition 
sensitivity to be considered as part of the impact assessment. 


7 INSTRUMENTATION 


Instrumentation was installed to monitor ground surface and building structure move- 
ments during construction. Instrumentation mostly comprised ground settlement points 
and monitoring prisms supplemented by automatic tiltmeters. In total 411 ground sur- 
face monitoring points, 211 building prisms and 18 tiltmeters were installed around 
Town Hall Station to monitor building movements. Reflector-less survey was used to 
monitor settlements within Swanston Street where prisms might otherwise have been 
damaged. 

Settlement predictions were made for each instrument for the different stages of construc- 
tion of the shafts, adits and caverns so that predicted and measured settlements could be com- 
pared during construction as well as at the end of construction. 

Trigger levels were assigned based on predicted settlements to provide warnings that settle- 
ment predictions had been reached. 

To be able to compare measured and predicted tilt and strain across buildings, monitoring 
lines were established between monitoring prisms and the measured tilt and strain between 
these instruments automatically calculated for comparison against trigger levels set based on 
predicted tilt and strain. 

Instrumenting the heritage buildings had some challenges due to building height and 
shape, sensitivity around the impact of drilling in the heritage structures to install 
instruments and/or access restrictions to install and monitor instruments while the 
buildings remained in use. Because of these constraints prisms and automatic tiltmeters 
were sometimes supplemented with automatic crack monitoring gauges and, for one 
building, internal 3D laser scanning using a Leica P40 terrestrial 3D Scanner. 

Instrumentation readings sometimes showed clear seasonal and diurnal components of building 
movement and considerable interpretation was sometimes needed to separate these cyclical move- 
ments from excavation induced movements. This highlighted the importance of performing base- 
line monitoring over multiple seasons prior to commencement of excavation and the benefits of 
installing a variety of instrument types at multiple locations to enable the significance of any 
anomalous individual readings to be placed in context by reference to readings from all instru- 
ments installed. 


8 MEASURED GROUND SURFACE SETTLEMENTS 


Ground surface settlements recorded have been compared with predicted settlements along 
and across Swanston Street on the section lines shown in Figure 4. 

Figures 5 shows values of measured and predicted settlement along Swanston Street while 
Figure 6 shows values of measured and predicted settlement across Swanston Street at Flin- 
ders Lane (positive offset values are east of Swanston Street). 

The sections show measured settlements along and to the east of Swanston Street are less 
than predicted, particularly at adit locations, but close to predictions along Flinders Lane to 
the west of Swanston Street. 
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Figure 6. Settlements along Flinders Lane. 


9 MEASURED BUILDING MOVEMENTS 


The movements of the buildings surrounding Town Hall station were measured using moni- 
toring prisms installed on the buildings. Measured movements on one of the buildings west of 
Swanston Street are shown below as an example, where the distance along the building is 
shown increasing towards Swanston Street. 
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Figure 7. Example of building settlement west of Swanston Street. 


Measured building settlements increase across the building towards Swanston Street reach- 
ing a measured maximum of 10 mm compared to a predicted settlement of 17 mm. Maximum 
measured settlement is therefore approximately 60 % of the maximum predicted. 
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Figure 8. Example of building horizontal movement west of Swanston Street. 


Measured horizontal movements of the building increase towards Swanston Street (positive 
movements are towards Swanston Street). The measured differential movement across the 
building of 7mm is less than the predicted differential movement of 15 mm. The measured 
horizontal strain across the building of 0.02 % is therefore approximately 50 % of the pre- 
dicted horizontal strain across the building of approximately 0.04 %. The maximum measured 
strain between instruments is approximately 0.03 %. 


10 DISCUSSION 


Measured settlements below Swanston Street and along Flinders Lane east of Swanston Street 
are less than predicted. This may be partly explained by the assumption of lower-bound Ko 
ground conditions used to predict settlement from cavern and adit excavation. 

Measured maximum building settlements in the example provided are approximately 60 % 
of those predicted while ground surface settlements measured along Flinders Lane west of 
Swanston Street are close to predictions. Measured building horizontal movements in the 
example show measured strains across the building to be approximately 50 % of those pre- 
dicted. Measured horizontal movements are less than predicted closer to Swanston Street and 
greater than predicted further from Swanston Street. 

The reduction in measured maximum building movement suggests some impact from build- 
ing stiffness, but not of the magnitude suggested by Potts and Addenbrooke (1997) and Fran- 
zius, Potts and Burland (2005). This may be a function of the excavation shape at Town Hall 
station, the distance of the buildings from the excavation, the relative stiffness of the ground 
and buildings or limitations in measurement. 


11 CONCLUSIONS 


The Melbourne Metro excavations were carried out in an area containing a number of heritage 
buildings. Building instrumentation enabled predictions of settlement and horizontal strain 
based on greenfield conditions to be verified through measurement. Measured settlements 
below Swanston Street and along Flinders Lane to the east of Swanston Street are less than 
predicted and may be partly explained by the assumption of lower-bound Ko ground condi- 
tions used to predict settlement from cavern and adit excavation. Settlements and horizontal 
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strains measured on one of the buildings west of Swanston Street are less than predicted even 
though ground surface settlements measured along Flinders Lane west of Swanston Street were 
close to predictions. This may be a reflection of the impact of building stiffness. 
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ABSTRACT: Although the construction joints of permanent linings are considered to influ- 
ence the mechanical behavior of mountain tunnels, their location, surface treatment, and 
other factors are determined empirically. To propose new tunnel structures and specification 
concepts in the future, it is necessary to understand the mechanical behavior of linings with 
construction joints when subjected to external forces. The purpose of this study is to under- 
stand the influence of mechanical properties, such as the setting position of the joints, on the 
fundamental behavior of tunnels subjected to external forces. Therefore, the mechanical 
behaviors of tunnels with different joint positions under ground heaving or seismic loads were 
confirmed by numerical analysis and model experiments. The results confirmed that the stress 
and deformation behaviors differed depending on the position of the joints. These results indi- 
cate that certain joints have structurally disadvantageous conditions, and therefore consider- 
ations for construction are suggested, such as the need for reinforcement. 


1 INTRODUCTION 


In mountain tunnels, the construction joints between permanent linings and inverted arch 
structures are placed at the corners perpendicular to the tunnel wall to smoothly transfer axial 
forces applied to a lining or for inverting to the other side. The construction of invert concrete 
requires attention because the area around the joints must be formed manually by hand to 
prevent quality deterioration, such as cracking. There have also been cases where cracks have 
occurred at the corners of the joint by external force because the influence of bending is gener- 
ally concentrated there. Therefore, there is the need for careful compaction to avoid these 
weak points for the entire tunnel, necessitating efforts to improve the quality of concrete and 
saving construction labor in the future. 

Additional invert concrete work is performed during the maintenance and management of 
tunnels as countermeasures against sidewall extrusion and ground heaving caused by squeez- 
ing of the ground. However, during maintenance, problems such as traffic control and con- 
struction in confined spaces are encountered. 

However, the structure of the joints for conventional tunnels has almost been empirically han- 
dled in Japan; thus, structural details and design modeling have rarely been discussed. To intro- 
duce new future concepts of structure, it is necessary to appropriately evaluate the 
characteristics of a reasonable joint. Therefore, understanding the influence of the joint between 
the lining and inverted arch on the entire structure and studying the mechanical behavior con- 
sidering these characteristics from the viewpoint of ensuring safety and rationality is necessary. 
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The purpose of this study is to understand the basic behavior of the whole tunnel under an 
external force, considering the mechanical properties of the joint, and to focus on the joint 
location. As aforementioned, the conventional method of placing the joint diagonally at the 
corner angle leads to workability and structural integrity problems. Therefore, model experi- 
ments and numerical analyses of tunnels with different joint locations are conducted to discuss 
the concept of tunnel construction joint design conditions. 


2 RESEARCH METHODS 


2.1 Model experiments 


To understand the effects of the construction joints in the lining and invert on the behavior of 
the tunnel under external forces, model experiments were conducted to simulate ground heav- 
ing and earthquake conditions. 


2.1.1 Experimental models and materials 

The experimental device consisted of a steel frame (400 mm x 400 mm), loading jacks, and air 
compressor, as shown in Figure 1. Table 1 presents an overview of the materials of the ground 
and tunnel models. 

The ground model was made of laid circular stainless-steel rods with diameters of 2.5 mm 
and 5 mm. The weight mixing ratio of the stainless-steel rods was 2.5 mm:5 mm = 3:2(Tsuchi- 
kura, 2003). The tunnel model was constructed using a mixture of weak soil paste, sand, and 
water in the ratio of 1:8:4 (Morita et al., 2020). The mixed materials were formed into a tunnel 
shape and dried. The joints were located at the corners, the invert center, and the spring line 
(SL). The model shape is 1/150 of that of a common two-lane highway tunnel in Japan. 


Figure 1. Overview of the experimental device. 


Table 1. Materials properties. 


(a) Ground model (b) Tunnel model 
Materials oe aa stainless Wood flour 51% 
Length (mm) 40 c i pea soil Sand 28% 
Diameter (mm) @1=2.5, D2=5.0 oo OE WEAS SOL fibrous material 8% 
Weight mixing ratio @1:02=3:2 P Cellulose adhesives 1% 
Internal friction angle Powder pigment and i 
(deg) a other 6% 
Cohesion (N/mm°) 0 ; Compressive strength 0.4 
Unit weight (N/mm?) —4.31x 104 Material strength Tensile strength 0.06 
(N/mm’) Elastic modulus 42 
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2.1.2 Experimental methods 

The tunnel and ground models were placed in the experimental device. Three types of loads 
were applied to the ground boundary from three directions, on both sides and below, depend- 
ing on the experimental cases. The load was incremented at a rate of 50 kPa/20 s. Owing to 
the increasing load, cracks in the tunnel model were observed, and displacements and loads 
were recorded. The experiment was terminated when the tunnel model broke or when the 
maximum load of the air compressor (950kPa) was reached. After the loading was completed, 
the displacements of the ground and tunnel models were analyzed using an image analysis 
software. The records presented in this study are the invert uplift, crown settlement, vertical 
convergence, horizontal convergence, sidewall displacement, and crack locations. 


2.1.3 Experimental cases 

The experimental cases are shown in Table 2. The experimental cases were selected based on 
the direction of the loading and joint positions. The three loading directions were as follows: 
(1) “From below,” in which the central three cylinders applied equally distributed loads from 
below the ground boundary; (2) “From the side,” in which seven cylinders applied the load 
from the right-side ground boundary; and (3) “From three directions,” in which all cylinders 
applied equally distributed loads from above the ground boundary and from both sides of the 
tunnel. The loading from below simulates the uplift caused by ground heaving, the loading 
from the side simulates forces due to earthquakes, and the loading from three directions simu- 
lates the load of loosened bedrock and lateral earth pressure. The basic shape of the tunnel is 
assumed to be a conventional structure with a radius ratio of 1:2 between the lining and 
inverted arch structure, with four cases: (a) no joints, (b) joints at the corners, (c) joints in the 
invert center, and (d) joints at the SL, as shown in Figure 2. 


Table 2. Experimental cases. 


Load (a) No joint (b) Corner (c) Invert center (d) Spring line 


(1) From below Case 1 Case 2 Case 3 Case 4 
(2) From the side Case 5 Case 6 Case 7 Case 8 
(3) From 3 directions Case 9 Case 10 Case 11 Case 12 
1s 80 a = 80 és = 80 a ai 80 = 
9 o 
i & i E i e I Fg 
# / a ra 
o © o o 
3 p sil 3 2 sil & 2 sil 3 2 
È a a a oy 
t t r ry 
! ! ! 1 | 
(a) No joint (b) Corner (c) Invert center (d) Spring line 


Figure 2. The shapes of the tunnel model. 


2.2 Numerical analysis 


To verify the validity of the results obtained from the model experiments, the stress state in the 
lining models was confirmed by a two-dimensional elasticity analysis using Midas GTSNX. 


2.2.1 Numerical analysis models 

The numerical analysis models, constraints, and loading conditions are shown in Figure 3. 
The sizes of the tunnel and ground models were equivalent to those of the model experiments. 
In this analysis, the interface element was used as an analysis element to represent the joint 
characteristics (Miyaishi et al., 2019), as shown in Figure 4. Originally, the interface element 
modeled the slip and exfoliation phenomena between the ground and structure; however, it 
was used for the discontinuity surface of the construction joints. 
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(1) From below (2) From the side (3) From 3 directions 


Figure 3. The numerical analysis models. 
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Figure 4. The interface element. 


2.2.2 Physical property values of numerical analysis 

To reproduce the model experiments, a parametric study was conducted using the elastic 
modulus of the ground model. The normal stiffness and shear modulus of the interface elem- 
ents were used as parameters to determine the physical properties, as listed in Table 3. In this 
analysis, the ground and tunnel models were assumed elastic. 


Table 3. The physical properties. 


(a) Lining model (b) Ground model (c) Joint model 

Elastic modulus (N/mm) 41.2 Elastic modulus (N/mm) 90 Normal stiffness (N/mm°) 412 
Poisson’s ratio 0.3 Poisson’s ratio 0.3 Shear modulus (N/mm*) 137 
Wet volume weight Unit weight . 2 

(10°°N/mm:) 1.05 (105N/mm?) 1.08 Cohesion (N/mm^) 0.9 


Angle of internal friction (deg) 60 
Tensile strength (N/mm?) 0 


2.2.3 Analysis cases 
This analysis was conducted for Cases 1-12 in accordance with the model experiments. 


3 RESULT 


3.1 Model experiments 
The model experiments focused on the differences in the crack occurrence and displacement 
depending on the joint positions. 


3.1.1 The occurrence of cracks 
Table 4 shows the cracking load and main crack locations in each case. Cracking loads are 
defined as the loads applied when the cracks are visually observed. Cracks 1-3 indicate the 
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cracking stage that occurred during loading. The cracks discovered after the experiment was 
completed are marked with (*). The outer cracks in the lining are marked with (O). 

Focusing on the case with loading from below: In Case 1, with no joint, the initial cracking 
load was smaller, and the load difference up to the second cracking was larger than those in 
the other cases. In Case 2, with the joints at the corners, cracks occurred near the invert 
center, and the model collapsed from the corners. In Case 3, with the joint in the invert center, 
cracks occurred outside the corners. 

In the case of loading from the side, the main crack locations at each joint position tended 
to be similar to those in Cases 1-4. In Case 6, with the joints at the corners, the cracks were 
wider, propagating, and more numerous than those in the other cases. In addition, cracks 
occurred on the sidewalls, as in Case 7. 

In the case of loading from three directions, the main crack locations differed from those in 
the previous cases. In some cases, cracks occurred near the crown, as in Case 9. In Case 10, 
with the joints at the corners, multiple cracks appeared suddenly and over a wide range, as 
shown in Figure 5. 


3.1.2 Displacements 

Ascertaining the differences in behavior during loading, the vertical and horizontal conver- 
gences are shown in Figure 6. Vertical displacement is the displacement between the invert 
center and the crown. Horizontal displacement is the displacement measured at the SL. Posi- 
tive convergence indicates expansion. 

When loaded from below, the tunnel models shrank in the vertical direction, and expanded 
in horizontally in all cases. The displacement is greater vertically than horizontally. The dis- 
placement decreased in the order of Case 1, = Case 4 < Case 2 < Case 3. 

In Cases 5-7, the models shrank slightly vertically and were almost unchanged horizontally 
against the lateral loads. However, in Case 8, the model was almost unchanged vertically and 
shrank slightly horizontally. The displacement was less in the order of Case 8 < Case 5 = 
Case 6 < Case 7. 

When loaded from three directions, the displacements were generally smaller than those in 
the other loading cases. In Cases 9 and 10, the displacements remained unchanged in both the 
vertical and horizontal directions, while in Cases 11 and 12, the displacements shrank slightly 
in the vertical direction. The displacements were smaller in the order of Case 9 ~ Case 10 < 
Case 12 = Case 11. 


3.2 Numerical analysis 


The numerical analyses mainly focused on the differences in stress generation depending on the 
position of the joints. Figures 7-9 show the maximum principal stress, and Figures 10-12 show the 
minimum principal stress. The figures indicate the maximum and minimum values for each case. 


Table 4. The cracking load and the main crack locations. 


Loading Crack 1 Crack 2 Crack 3 
Direction Joint Position Case (kPa) (kPa) (kPa) Main crack locations 
From below No joint 1 300 800 - Invert center 
Corner 2 600 900 - Invert, Corner 
Invert center 3 *(O) - - Corner 
Spring line 4 950 - - Invert center 
From the side No joint 5 650 900 - Invert center, Corner 
Corner 6 600 750 900 Corner 
Invert center T 800 850 - Corner, Side wall 
Spring line 8 850 id - Invert center 
From No joint 9 500 ij - Crown, Invert center 
3 directions Corner 10 800 950 - Corner, SL 
Invert center 11 *(O) - - Corner 
Spring line 12 900 - - Side wall 
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Figure 5. The crack development. 
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Figure 6. The convergences. 


Figure 7 shows that when loaded from below, compressive stresses occurred inside the cor- 
ners and side walls, and tensile stresses occurred inside the invert center. On the other hand, 
looking at individual cases, tensile stresses occurred outside the invert center in Case 3, outside 
the corners in Case 2, and around the joint outside the SL in Case 4. 

Figure 8 shows that when loaded from the side, compressive stresses occurred overall, par- 
ticularly at the crown and corners. In Cases 6-8, which had joints, tensile stresses occurred 
around the joints. In Cases 6-8, the magnitude of the tensile stresses at the joints was equiva- 
lent to the tensile stresses that occurred when the load was applied from below. 

Figure 9 shows that when loaded from three directions, the compressive stresses occurred 
overall. In Cases 10-12, the tensile stresses occurred in the narrow area around the joints, and 
the values were larger than those in the joints when the load was applied from below or from 
the side in Case 10 and Case 12. 

Figure 10 shows that in Case 4 with the joints at the SL, when loaded from below, the com- 
pressive stresses occurred around the joints. Similarly, Figure 11 shows that in Case 7 with the 
joint in the invert center, when loaded from the side, the compressive stresses occurred around 
the joint. These results were caused by the movement of the tunnel model at the joints under 
load from the ground. 


+: Tension - : Compression [N/mm?] 


0.250 0.221 0.192 0.163 0.133 0.104 0.075 0.046 0.017 -0.013 -0.042 -0.071 -0.100 


Casel Case2 Case3 Case4 
Figure 7. The maximum principal stress contour diagram. (Loading from below). 
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+: Tension - : Compression [N/mm] 
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Figure 8. The maximum principal stress contour diagram. (Loading from the side). 


+: Tension - : Compression [N/mm?] 


ee 
0.300 0.233 0.167 0.100 0.033 -0.033 -0.100 -0.167 -0.233 -0.300 -0.367 -0.433 -0.500 


-0.368 ` 0.132 


Case9 Case10 Casel1 Case12 


Figure 9. The maximum principal stress contour diagram. (Loading from 3 directions). 


+: Tension - : Compression [N/mm?] 


a 
0.100 0.008 -0.083 -0.175 -0.267 -0.358 -0.450 -0.542 -0.633 -0.725 -0.817 -0.908 -1.000 


;-1.616 . 0.078 


Casel Case2 


Figure 10. The minimum principal stress contour diagram. (Loading from below). 


+: Tension - : Compression [N/mm?] 


Ce O 
0.100 -0.008 -0.117 -0.225 -0.333 -0.442 -0.550 -0.658 -0.767 -0.875 -0.983 -1.092 -1.200 


Case5 Case7 Case8 
Figure 11. The minimum principal stress contour diagram. (Loading from the side). 


652 


: Tension - :C ompression aes) oe ae 


0.150 -0.029 -0.208 -0.388 -0.567 -0.746 -0.925 -1.104 -1.283 -1. SERIE CT EEE ZIA BERR OR -1.642 -1.821 -2.000 


Case9 Case10 Casel1 Case12 


Figure 12. The minimum principal stress contour diagram. (Loading from 3 directions). 


4 DISCUSSION 


When the load due to ground heaving is applied from below the tunnel, the invert center is 
uplifted, and a bending moment occurs. The force is conveyed to the lining and compressive 
stress occurs around the corners and sidewalls. Under this condition, the corners with joints 
are likely to move easily, which is expected to result in compressive stress on the inside and 
tensile stress around the joints and reduced adhesion. If the corners are weakened, the invert 
may get easily uplifted and a large bending moment may occur in the invert center. Therefore, 
it is necessary to improve the adhesion and frictional resistance of the joints at the corners 
during construction. 

When an earthquake is assumed, the convergence is similar to that in the case with no 
joints. However, corner cracks were more widespread than in the other cases. In other words, 
it is one of the important points to be focused on in maintenance and management that tun- 
nels with joints at the corners are likely to develop cracks even if the displacement during an 
earthquake is small. 

Under the loads of loose bedrock, the convergence was suppressed to the same degree as in 
the case without joints. Therefore, the effect of the joints is small and load-bearing capacity 
can be expected when the overall axial force occurs. However, it is necessary to consider the 
possibility of brittle fracture if multiple cracks occur suddenly. 

In the case of a structure with a joint in the invert center that causes ground heaving, exces- 
sive uplift of the invert and vertical shrinkage occur because of the opening of the joint of the 
invert center. The adhesion against the shear force in the invert center is so small that the 
restraining effect against the vertical displacement is reduced. In addition, tensile stress that 
occurred around the joints outside was due to insufficient adhesion and shear resistance at the 
invert center, causing the left and right inverts to behave like simple beams with a hinge ful- 
crum at the invert center. Under conditions where ground heaving is expected to occur, setting 
a joint in the invert center is not advisable because the tunnel is expected to be displaced sig- 
nificantly in the vertical direction owing to ground heaving; if a joint is set, it is necessary to 
improve the adhesion and shear resistance of the joint. 

In the case of an earthquake, the vertical displacement is larger than that in the other cases. 
This is due to the fact that the load is applied from below because the invert radius is larger 
than that of the lining, even when the load is applied from the horizontal direction. In add- 
ition, not only tensile stress but also compressive stress may occur around the invert center 
during an earthquake, which indicates that the evaluation of tension and compression at the 
joint should be carefully conducted to avoid making the joint a weak point. 

Vertical displacement also tends to increase in the case of loose load and lateral earth pres- 
sure; therefore, necessary care should be taken to avoid making the invert center joints becom- 
ing weak points in the structure. 

In the case of a structure with joints at the SL, the load-bearing capacity is expected to be 
equal to that of a conventional structure against ground heaving. This suggests that the joints 
are perpendicular to the external forces and that the axial forces are sufficiently transferred. 
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However, if the horizontal displacement is large, both compressive and tensile stresses may 
occur around the SL; therefore, attention should be paid to the horizontal behavior. 

This structure is also expected to be more effective than conventional structures in restrain- 
ing the vertical displacement during earthquakes. However, the horizontal displacement is 
larger than in other cases, as shown in Figure 6, suggesting that the joints do not have suffi- 
cient adhesion and shear resistance and may be weak points against shear stresses and bending 
forces. Therefore, it is necessary to assume the loads that may occur in the future and take 
appropriate countermeasures of maintenance and management in the case of joints in the side- 
walls, such as the timbering support method. 

When a loose load and lateral earth pressure are applied, the tensile stress may be concentrated 
around the joints, and the load-bearing capacity is expected to be somewhat lower than that of 
conventional structures. Therefore, this should receive careful attention during construction. 


5 CONCLUSION 


In this study, experiments and numerical analyses were conducted to understand the mechanical 
behavior of tunnel linings with joints to simulate ground heaving and seismic loading. However, 
these were under limited loading and ground conditions, which may be greater in reality. 

The findings of this study are summarized as follows. 


1) The model experiments and numerical analysis assuming tunnel structures with different 
joints confirmed that the crack formation tendency and load-bearing capacity differed 
depending on the joint position. 

2) In the case of a conventional structure with joints at the corners, attention should be paid 
to the joints to prevent them from becoming weak against ground heaving; however, 
a certain degree of load-bearing capacity is expected against earthquakes and loosened 
loads. 

3) In the case of a structure with a joint in the invert center, the joint becomes the weak point 
of the structure due to ground heaving, therefore, bending measures should be taken to 
counter these conditions. In addition, not only tensile stress but also compressive stress 
may occur at joints during earthquakes, and this may indicate that the tensile and compres- 
sive stress should be evaluated around the joint so as not to make the joint a weak point. 

4) In the case of structures with joints at the SL, such as the timbering support method, the 
load-bearing capacity is expected to be equivalent to that of conventional structures against 
ground heaving. However, stress may occur owing to the misalignment of the joints. In 
addition, the joints may become weak points during earthquakes or loads from multiple 
directions; therefore, it is necessary to take measures such as reinforcement during mainten- 
ance and management. 


In the future, additional model experiments and real-scale numerical analyses will be con- 
ducted to clarify the mechanical behavior of tunnel linings with construction joints under 
loading and ground conditions different from previous cases. 
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ABSTRACT: Terzili tunnel is a double tube highway tunnel with a length of 1180 m each tube. 
The conventionally excavated tunnel is located in Ordu-Türkiye (Blacksea region) and is con- 
structed mainly in highly weathered, very weak, fractured claystone and clay. Generally, the tun- 
nels are supported by rigid support systems, by means of shotcrete, steel sets, self-drilling IBO 
bolts and umbrella steel pipes and the excavation has been performed staged by top heading, 
benching and invert. Between the chainages Ch 32+670 and 32+677, the left tube crown was 
reaching out of the natural topographical surface due to a river and the overburden above the 
right tube was around 2 meters. This paper presents the design methodology and successful site 
construction application of the shallow river passing section. 


1 INTRODUCTION 


1.1 General 


Ordu - Terzili tunnel is a double tube highway tunnel with two lanes each, located in Blacksea 
Region in Türkiye. The length of each tube is about 1180 meters and the construction includ- 
ing final lining has been completed in year 2022. The conventional constructed tunnel has 
a clearance of 8.00x5.00 meters with an excavation radius of approximately 6.60 meters. The 
reinforced final lining thickness is variable ranging from 0.40 m at crown to 0.68 m in invert 
level. Figure 1 below presents the tunnel location in Google Earth. 


Figure 1. Terzili tunnel location South of Ordu (Google Earth view). 


During the early design stages and provided topographical maps, tunnel overburden at min- 
imum was estimated to be around 4-5 meters and a support class C3speciai Was considered, which 
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includes 0.4 m shotcrete (C25/30), IPN200 steel bars with 0.75 m spacing, 2 layers of Q589/378 
wire mesh, self-drilling IBO bolts with a length of 9-12 m (to be applied in sections with sufficient 
overburden), 4” diameter steel umbrella pipes with length of 9 m and 0.2-0.25 m spacing. How- 
ever, during the construction period, a detailed topographical map was provided from the forest 
area and it was understood that the left tube tunnel crown was reaching out of natural surface 
and overburden above the right tube was roughly 1.5-2 meters, precisely at the location where the 
tunnel is passing a river, having a base width of 7-8 meters. Special safety measures were taken in 
order to pass the flowing river section and a concrete slab was constructed at the surface to form 
an artificial ground that would totally cover tunnel excavation. Since this critical location in 
forest was not accessible with vehicles, all measures were designed so that could be applied from 
tunnels. 
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Figure 2. Tunnel section and support class C3 special. 


1.2 Geological characterization of river crossing stretch 


According to the tunnel face maps and available borehole data, the construction from exit 
portal has been performed in grey-green coloured, blue Claystone. Joints are smooth, wet and 
during construction, water ingress has been observed. Above this unit, yellow to brown col- 
oured clay is layered. Rock units are mainly weathered — highly weathered with low strength, 
highly fractured. Q-Barton rock classifications have been calculated during tunnel construc- 
tion and the values have an average quantity of 0.08 — 0.16. According to the closest borehole 
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Figure 3. Geological profile of middle axis at river crossing stretch. 
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located at the river passing section, tunnel construction was estimated to be performed fully in 


clay and highly weathered claystone units. 
Figure 4 below presents the tunnel face before reaching to the river crossing section. 


highly weathered, 
9m highly plastic, stiff 
Clay 


weathered weak 
Claystone 


Figure 4. Tunnel face weathered claystone and clay (left tube). 


Back analysis was performed by using Finite Elements Method — Plaxis software accord- 
ing to the measured displacements at the tunnel, in order to estimate the in-situ soil and 
rock mechanical properties. During construction, especially in clayey zones, excessive dis- 
placements occurred reaching up to 0.20 m in many sections and in some parts 0.4-- 
0.6 m. Following properties shows the geomechanical values, which caused around 0.2 
meters of displacement. 
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Table 1. Geomechanical properties for river cross section. 


Unit E' 55 (kPa) v c (kPa) o (°) y (kN/m?) Constitutive Model 
Clay 12000 0.30 10 25 20 Hardening Soil 
Claystone 30000 0.30 35 32 22 Hardening Soil 


2 CONSTRUCTION METHODOLOGY 


According to the topographical measurements, it was observed that the left tube crown would 
be out of the natural ground level. In chainage 32+650, the overburden is around 6 meters 
and after 20 meters, in Ch 32+670, there will be no cover. This section continues around 7 
meters in advancing direction and the tunnel starts to deepen again. In Ch 32+690, the over- 
burden is again around 5-6 meters. 


- 28m 


Cns2+680 ch32+670 Km 32+682 


Figure 5. Cross sections along the river crossing. 


The location is a private land and has hazelnut fields which is not accessible with vehicles. 
Water flow amount in the river changes according to season and it was not possible to change 
its alignment. To construct the tunnels under the river, following methodology was suggested 
and successfully applied on site. 

Right tube construction was constructed with the project designed support system. The 
lining consists of 0.4 m thick shotcrete (C25/30), IPN200 steel bars with 0.75 m spacing and 
IBO bolts in order to apply grout around the tunnel. For pre-improvement, 9 meter long 
umbrella steel pipes (4”) are installed. 

Soil above the tunnel was improved by consolidation injection. Rock in this stretch consists 
of medium weathered, weak Flysch series (sandstone-claystone and gravel), mainly blocky, 
fractured and squeezed. To prevent any collapse on tunnel crown, umbrella steel pipes had 
been applied as double row. 

Drainage holes were then drilled on tunnel crown and the river water was discharged into 
the tunnel and taken out from portal. 
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Since river water had been discharged into right tube, it gave the opportunity to work 
above left tube. First layer of concrete was applied to the left tube crown-tunnel where tunnel 
face was to be excavated. Followed by membrane and geotextile application which helped to 
separate final concrete slab from the tunnel face crown concrete. Concrete was pumped 
through side bolt drillings in that reached surface from right tube. 


Stage I: Existing Field Conditions 
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Stage II: Construction of right tube 
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Stage V: Application of first layer concrete slab 
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Figure 6. Construction sequences. 


Second layer of concrete was applied, again pumping from first tunnel in order to protect 
tunnel lining and increase compression load and arching effect. Wire mesh has been used to 
prevent cracks. 

Drainage holes at right tube were re-filled and river water flowed again on its base. Excava- 
tion, support and Final Lining with heavy reinforcement was then applied and construction 
was completed. 

Following photos shows the side application of concrete slab: 


3 NUMERICAL ANALYSIS 


The applied construction methodology was analyzed numerically by using FEM - Plaxis soft- 
ware. Excavation has been done in two stages; top heading and benching. Deconfinement 
values are calculated by using Panet Ground Reaction Curve as 1-8 = 67% and 66% respect- 
ively. Analysis showed that, after the excavation of right tube top heading, a tunnel collapse 
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Figure 7. Application of membrane and concrete pouring from right tube wall. 


could be expected on tunnel left wall. Therefore, additional mitigation measures have been 
taken for tunnel stability. Following Figure 8-9-10 presents the FEM model and calculated 
tunnel failure. For mitigation measures, it is proposed to apply the umbrella steel pipes also 
on tunnel side walls and form a protective zone. Umbrella steel pipes on roof are simulated by 
using an equivalent improved zone of soil, grout and steel pipes. 


OE Dere Goygi Ken 324670 Bozza: 
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TTAID Tonei Mahendiaigy ve Daregmarti 


Figure 8. 


Figure 9. Mitigation measures to prevent tunnel collapse on side walls. 


With the improved and strengthened soil, analysis have been completed successfully. 
Figure 10 shows the calculated final displacements. On side construction, maximum top 
heading vertical displacement was measured as 0.0040 m (with zero reading after shotcrete 
application). In Plaxis analysis, the incremental displacements for this stage has been calcu- 
lated as 0.0068 meters. 
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Figure 10. Total displacements for final stage. 


4 CONCLUSION 


Terzili tunnel, a double tube conventionally constructed highway tunnel has been successfully 
excavated under a flowing river in Ordu-Blacksea, Türkiye with little or even no overburden. 
The shallow tunnel was reaching out of ground surface in some area, surrounded by geo- 
logical units as clay and flysch. The construction could be completed by constructing an artifi- 
cial concrete slab on surface pumping the concrete through bolt drilling that reached the 
surface. This method is a cost effective and fast applicable method, with minimum impact on 
environment. However, the tunnel safety measures provided by initial support is critical, 
which should not allow any relaxation. Tunnel crown and shoulders should be rigid enough in 
order to prevent any loosening and sudden collapse. 


Figure 11. Application of tunnel final lining. 
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ABSTRACT: In order to design a large diameter surge shaft, headrace tunnel and passage- 
way connection, it is required to perform effective numerical analyses to calculate the succes- 
sive stress distributions and plastic deformations in rock. This paper investigates the 
structural response of vertical shafts considering interaction with rock mass by a various 
numerical modeling technique. The main objective of this study is to define a realistic and 
comprehensive approach to the design of vertical shafts. An axisymmetric and a plain strain 
nonlinear analyses have been conducted by using finite element codes as Plaxis 2D and Phase 
2 to predict the response of rock mass around the shaft. Since geometry is 3-Dimensional, 
a 3D finite element program called Midas GTS NX has been used to investigate the accurate 
behavior of shaft excavation. The calculated displacements and plastic zones around the shaft 
by numerical simulation results have been evaluated and interpreted. 


1 INTRODUCTION 


Surge shaft serves to absorb the hammering effect of water from pressure tunnel generated 
due to the sudden stoppage of power house, by accommodating surges oscillations during 
load acceptance until the system velocity attains a steady state in water conductor system of 
a dam project. The location of surge shaft is constrained by alignment of headrace tunnel 
(HRT) and powerhouse shown on Figure 1. 

As an important part of the structure of hydroelectric power station, surge shaft is generally 
embedded in the rock mass, whose body size and loading conditions are typically complex. 
Thus, it is necessary to evaluate safety of the design scheme in order to ensure construction 
safety. In some tunnels and shafts for hydropower projects the stresses in the periphery of the 
tunnel may vary with changing rock mass quality around the tunnel. Thus there are several geo- 
logical/topographical factors that need special attention for tunnels designed to convey water. 

This paper offers a general description of the geological and geotechnical mass rock condi- 
tions, a general excavation plan for the surge shaft, a rock stability analysis. This paper simu- 
lates the progress of excavation and supporting buildup in deeply buried circular large surge 
shaft by diversified analysis techniques. A series of FEM analyses have been performed with 
take in consideration the two dimensional plain strain field stresses with the function of lateral 
at rest pressures, axisymmetric radial stresses and three dimensional stress states to match sev- 
eral numerical techniques. 

To simulate the numerical modeling of shaft, 27 m diameter and 82 m high surge shaft of 
a typical hydro project has been considered. Excavation of full diameter of shaft from top to 
bottom has been considered and sequential support has been modeled. 

For better understanding, the problem has been analyzed by considering the constitutive 
relations of rock mass material as nonlinear and subsequently elastic - plastic analyses have 
been performed by Plaxis 2D, Phase2 and Midas GTS NX 3D software. 


DOI: 10.1201/9781003348030-80 


663 


Figure 1. General layout, longitudinal profile and cross sections of the surge shaft and headrace tunnel. 


2 GEOTECHNICAL CONDITIONS OF SURGE SHAFT AREA 


As shown by the superficially conducted site investigations at the river level, the ridge is 
embraced both from downstream and upstream by two creeks where andesite porphyrites 
crop signaling the high-quality rock conditions along the surge shaft. Thin layers of “black 
shale”, derived from the “mid-ocean-ridge-basalts” (MORB) as a product of ocean-floor 
spreading (rifting), is occasionally observed as the remnants of weathering. In order to verify 
this, subsurface investigation borehole data, with a depth of 90.0 m, is opened in the center of 
the shaft shown on Figure 2. 

Brief information on core samples recovered from the borehole is outlined below. In the 
first 4.50-26.5 m of the borehole, basaltic black shale layers are encountered. These rocks, 
with predominantly medium 20-60 cm layers, generally reveal moderately strong 25-50 MPa 
intact rock properties. The same rock type is encountered again between 38.5-46.5 m intervals 
occasionally with highly fractured nature. With due consideration of topography, the intervals 
suggest that the black shale layers roughly shall be excavated in the first 11.5m and then 
8.0 m between 38.5 - 46.5 m of the surge shaft. 


Figure 2. Typical core samples of black shale layers (above) and high-quality rock (below) from borehole. 
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In the remaining part of the surge shaft, andesite porphyrites and possessing high-quality 
rock masses are continuously encountered. These rock masses with predominantly medium 
20-60 cm to widely spaced 60-200 cm discontinuities reveal medium-high 50-100MPa to high 
100-250 MPa strength. 


3 EMPIRICAL DESIGN OF SHAFT SUPPORT 


3.1 Provision of input data 


All the laborious work to establish conceptual models, from geodynamic evolution to 
engineering geology and hydrogeology, is aimed to consciously predict the empirical 
support types or each specific interval of surge shaft by means of empirical rock mass 
classification systems. In this context, mainly the combination of strong aspects of all 
four empirical rock mass classification namely, Q, RMR, GSI, and NATM are utilized, 
and accordingly the following geotechnical procedures are employed for the provision 
of input data. 

Empirical support types of intervals are based on a combination of RMR and 
Q classification systems mainly because of easiness in the application of RMR in the field; 
whereas the Q classification provides empirical support recommendations for a wide range of 
shaft spans. The final version of GSI chart is used to determine the average interval of each 
specific support type. NATM is utilized for its rock mass type and rock mass behavior type in 
order to estimate stability conditions during the construction stage. 

One of the most significant, but usually unnoticed aspects of GSI chart, is that it also 
involves intact rock strength of rock material with circumstantial evidence of suggested 
methods of quantitative description of discontinuities where weathering state discontinuities 
in relation to weathering of rock material. 

In GSI chart this aspect is defined in surface conditions of rock material, which it has 
been utilized in determining the in-situ rock strength of rock material. Additionally, the 
uniaxial compressive strength of rock material (intact rock) separately determined using 
the procedures in unified rock classification system on the similar rock outcrops of exist- 
ing rock and then projecting that value to the shaft excavation level on the basis of 
empirical experience. 


3.2 Equivalent dimension ( De’) versus rock mass quality 


In this paper, though the empirical rock mass classification is based on rock mass rating system 
(Bieniawski et al. 1989), geological strength index (Hoek et al. 2013), support measures are 
founded on Q classification (Barton et al. 1974 & Grimstad et al. 1993). This is mainly due to the 
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Figure 3. Equivalent dimension versus rock mass quality. 
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fact that Q classification was developed by successive re-analysis of case records until a consistent 
relationship was obtained between Q, the excavation dimension and the support actually used. 
These three variables are interrelated by means of support chart given in Figure 3. 

As shown on the support chart Figure 3, there is a concept of equivalent dimension (De’) 
defined by the ratio of (a) span, diameter or height of tunnel and (b) equivalent support ratio 
(ESR). In this ratio (a) part is represented by the geometry of the excavation, whereas (b) 
part, namely ESR which modifies dimensions of diameter, span or height and reflects con- 
struction practice in that degree of safety and support demanded by the purpose of excavation 
and the presence of machinery, personal etc. 

From an underground excavation point of view, equivalent dimension of circular shaft is given 
as ESR= 2.5 on the basis of rock mass quality, RMQ classification. Both stresses in and strength 
of the rock mass can be measured and SRF can then be calculated based on the relation between 
the rock uniaxial compressive strength (oc) and the major principal stress (ol) or the relation 
between the maximum tangential hoop stress 68 and oc in massive rock (NGI, 2022). 

During the planning phase of an underground excavation, SRF can be stipulated from the 
overburden and topographic features, or general experiences obtained by the studies in the 
same geological and geographical region. In light of these, evaluations lead to a conclusion 
that the support elements of surge shaft with 27 m excavation diameter, corresponds to 
a tunnel with 17.0 m span. Then De’ is calculated as 6.8 by given definition. 

As the support chart is based on empirical data, it can function as a guideline for the design 
of permanent support in underground openings and caverns. The support chart indicates 
what type of support is used in terms of the center to center spacing for rock bolts, and the 
thickness of sprayed concrete. It also indicates the energy absorption of the fiber reinforced 
sprayed concrete, as well as the bolt length and design of reinforced ribs of sprayed concrete. 


3.3 Equivalent dimension ( De’) versus rock mass quality 


The recommended Class II to Class IV support system types for depth intervals along the surge 
shaft excavation by means of empirical rock mass classification system are three layers of shot- 
crete (10.0+10.0+7.5cm) with 2 layers of steel-mesh (2xQ189), s= 1.5m, INP100 steel arch or lat- 
tice girder P1 15-30-36 and s= (1.0 - 1.5 - 2.0) x (1.5 - 2) m (a), (a=advance length) variant patterns 
of L= 6.0m, @=26, grouted, un-tensioned systematic bolting. If it is required drainage holes in 
periphery: Ø= 60mm #3 L= 2@3 or #5 L= 5@3 and spiles c/c 30cm are also recommended. 

The numerical analysis sections are determined according to varying overburden stresses 
and recommended support systems with taking consideration the obtained rock mass param- 
eters given in Table 1. 


Table 1. Rock mass Hoek & Brown parameters and support classes. 


Depth Interval Support Unit Wight UCS Deformation 

Layer (m) Class GSI (kN/m*) (MPa) Modulus (MPa) mb s 

1 12.50-27.50 Class IV 45 25 50 2300 2.227 0.0018 
2 27.50-37.00 Class II 60 25 50 5550 4.446 0.0101 
3 37.00-46.50 Class IV 45 25 40 2300 2.227 0.0018 
4 46.50-51.00 Class IV 35 25 30 1180 1.476 0.0006 
5 51.00-70.00 Class II 65 25 60 6840 5.365 0.0179 
6 70.00-81.80 Class HI 50 25 45 3200 3.053 0.0032 


4 ANALYSIS METHOD FOR SURGE SHAFT EXCAVATION 


Finite Element Method is a recognized numerical method which might be used for soil/rock 
mechanics and geotechnical engineering problems. It has the ability to consider material 
anisotropy, heterogeneity, non-linearity, dynamic responses, pore water pressures, boundary 
conditions, field stresses and external loading conditions. 


666 


The performed two dimensional FEM analyses for the shaft excavation consist of two main 
approach as an axisymmetric state calculation and a plane strain modelling per the first step 
of followed methodology in this paper. 

In the stress analyses and support system design, Phase 2 and Plaxis 2D software are enable 
to analyze successive stress and deformation states considering the staged construction works 
as excavation and rock supporting. Two dimensional axisymmetric and plane-strain analyses 
are performed by Plaxis 2D and Phase 2. The nonlinear elastic—plastic behavior of rock mater- 
ial is represented by “Hoek-Brown” material model. The rock bolts are assumed as “fully 
bonded” and shotcrete is modeled as a “elastic beam element”. 

The excavation of the shaft will be performed in sloping ground as shown on Figure 1. The 
initial field stress data is unavailable by the conventional field methods. For this purpose, a very 
comprehensive literature review and preliminary two dimensional plain strain analyses have been 
conducted to determine the effect of the sloping ground on the principal stresses around the shaft. 

According to results of the preliminary plain strain analyses the stress changes on principal 
stresses around the shaft is in acceptable range and mainly same due to shaft is located far 
enough from slope surface and satisfy the required rock mass cover (Ljunggren et al. 2003). 
The other satisfied widely used criteria is “Norwegian Criterion for Confinement”, explained 
by (Bergh et al. 1971). This approach state that the stress generated from the overburden, veri- 
fied for slope angle, must exceed the water pressure. 

Then since the circular shaft excavation is exactly axisymmetric problem as explained 
above, therefore as the first stage, an elastic-plastic axisymmetric analyses have been per- 
formed by using Plaxis 2D in order to predict the plastic zone of rock mass around the shaft 
as shown in Figure 4. 


y b Center of 
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SurgeShaft 


-< T 
Interface 


Figure 4. Axisymmetric shaft problem and Plaxis 2D axisymmetric FEM model. 


The overall stability of the shaft excavation has been investigated by using phi/c reduction 
method defined in Plaxis 2D. This process includes reduction of strength parameters step by 
step until failure occurs. However, the strength and deformation parameters of the rock mass 
is defined by “Hoek-Brown” model as shown on Table 1, there is no consensus on the safety 
factor definition with Hoek-Brown parameters yet (Benz, Vermeer & Kauther 2007). There- 
fore, using Hoek-Brown material model thus Hoek-Brown failure criterion will yield different 
results than that of widely accepted safety factor definition in the literature and geotechnical 
engineering applications. For this reason, in the safety analysis conducted by Plaxis 2D, the 
rock mass parameters is defined by “Mohr-Coulomb” material model instead of “Hoek- 
Brown” material model. 

In addition to the axisymmetric analyses, in order to determine the axial force on the bolts, 
axial stresses and bending moments on the shotcrete an additional an elasto-plastic plane 
strain analyses have been performed by Phase 2 regarding rock layers and principal minor and 
major stresses as shown in Figure 5. 
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Figure 5. Plane strain shaft problem and Phase 2 plane strain 2D FEM model. 


5 EXCAVATION OF THE PASSAGEWAY BETWEEN SHAFT AND HRT TUNNEL 


The final approach in setting powerful three dimensional finite element model is aimed to 
simulate realistic three dimensional geometries of the problem. The shaft and head race tunnel 
excavation induced stresses directly depend on their section, volume and passageway connec- 
tions. For this purpose, since problem is completely three dimensional, a 3D finite element 
program called Midas GTS NX has been used to investigate the stability of excavations and 
structures as shown in Figure 6. 

Since the main task is excavation, it is expected that minor principal stresses will lead to 
shear failure, and thus, crack in the shotcrete liner. To observe this phenomenon, shotcrete 
liner is modeled with “von-Misses” material model. It is part of plasticity theory that applies 
best to ductile materials. In materials science and engineering the Von Mises yield criterion can 
also be formulated in terms of the von Mises stress or equivalent tensile stress. In this case, 
a material is said to start yielding when the von Mises stress reaches a value known as yield 
strength. The von Mises stress is used to predict yielding of materials under complex loading. 


Figure 6. 3D FEM model of shaft and headrace tunnel (HRT) connection by passageway. 


6 CONCLUSION 


It is obvious that principal major stresses (o,,= 6; in axisymmetric analysis) around the exca- 
vation perimeter increase with depth. All the same, principal minor stresses (Oxx= 63 in axi- 
symmetric analysis) depend on both overburden stress and rock mass strength parameters. 
Therefore, it is wise to obtain member forces (bolt axial forces, interaction diagrams of 
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shotcrete and steel profile or lattice girder) by conducting plane strain analyses that represent 
both support systems and overburden stresses together. 

The overall stability of the shaft excavation has been investigated by using finite element 
method in Plaxis 2D that is widely accepted and self-proven very robust geotechnical engineer- 
ing finite element analysis program. 

The lowest safety factor against the overall failure is obtained at the end of the surge shaft 
excavation as 5.30, as presented in Figure 7. Therefore, overall stability problem is not 
expected if temporary support system is adequate to resist forces acting on it. Rock mass also 
can withstand lateral stresses, since yielded rock mass elements are very rare and very close to 
the excavation perimeter. In addition, very limited numbers of yielded elements at the base of 
the shaft excavation have been observed. 

Displacements at perimeter, yielding elements, axial bolt loads and support capacity curves 
for shotcrete and steel profile for the most critical depth and support class are shown on fol- 
lowing figures which are obtained by the performed analyses by Phase 2. 

After the completion of the excavation and support of shaft, displacements in the tempor- 
ary support system of shaft are a few 5 mm. Bolts are subjected to lower axial load as 120 kN 
than the determined capacity. Shotcrete liner does not yield during any construction stage. 
The required factor of safety value as 1.5 for support interaction curves are well satisfied for 
shotcrete and steel arch elements as shown on Figure 8. 


F.S=5.30 Deformed Shape 


Figure 7. Principal stresses at end of construction stage, shear strains at safety stage and deformed shape. 


Figure 8. Principal stresses, trajectories and total displacements around the shaft at the stage of layer 6. 


Taking the three dimensional numerical analyses into account, it is vital to note here that 
excavation of the surge shaft should be completed before the headrace tunnel excavation and 
temporary support system application since depending on the wide radius, effective zone of 
the surge shaft excavation is larger with respect to opposite excavation sequence. 
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Figure 9. Total displacements, principal stresses, junction differential settlements and deformed shape. 


Expected total deformation at the end of the passageway excavation is around Imm 
together with expected maximum axial force on the rock bolt as 89 kN which is below the 
allowable bolt capacity. After the passageway excavation, it is expected concentrating princi- 
pal minor and major stresses around passageway excavation that will affect both temporary 
support system of headrace tunnel and surge shaft. 

All the same, since shotcrete is modeled as von Misses material model which consist of 
yielding stress of 920 kN for early shear strength of fresh shotcrete as shown on Figure 9 indi- 
cates that, shotcrete at the passageway and nearby could possibly crack under combined effect 
of principal stresses. Additionally, obtained results shows the plastic points at the rock mass 
after passageway excavation which verify that plastic points are arranged at passageway and 
its neighbors. Therefore, it is important to use fiber sprayed concrete at the shotcrete of pas- 
sageway and its neighbors (headrace tunnel and surge shaft) in 10 m radius to eliminate crack- 
ing and related consequences. 

Since three different software and models have been used in this study, the robustness of the 
obtained results by the different models have been compared taking the circumferential or 
hoop stresses at Layer 6 (at 57.5 — 81.8 m below top of the shaft) into consideration. The 
obtained results are given in Table 2: 


Table 2. Maximum circumferential or hoop stresses around the shaft at the stage of Layer 6. 


Major Stresses Plaxis 2D Phase 2 Midas GTS NX 


Hoop Stresses (kPa) 924 1200 820 


The obtained results shown on Table 2. indicate that the arching effect and the 3-Dimensional 
stress distribution decrease the hoop stress around the shaft by Midas GTS NX solution. How- 
ever, due to average vertical stress and at rest lateral earth pressure coefficient assumptions are 
mainly dominant on the obtained conservative maximum hoop stresses by Phase 2 solution. 
The obtained hoop stresses by Plaxis 2D solution stay between within the others. 

According the obtained results by both 2-Dimensional models, the construction staged 
modeling of shaft excavation and support installation is well simulated. The 2-Dimensional 
axisymmetric model estimates an average plastic zone range for each of the rock mass layers. 
In addition, the values of the horizontal displacements and exaggerated deformed shape 
shown in Figure 7 are calculated. The obtained horizontal displacements by plain strain 
model are also in well compliance with axisymmetric model. 
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In the light of all the findings mentioned above, it is evaluated that for quick calculations 
2-Dimensional axisymmetric solution seems adequate and efficient. And the obtained exagger- 
ated deformed shape of the shaft wall is exactly compatible with 3-Dimensional model as 
shown in Figure 7 and Figure 9. 

However, for simulating the realistic response of the soil - structure interaction between exca- 
vation and support system and modeling the complicated geometry, 3-Dimensional elastic - 
plastic solutions are more accurate to evaluate real interaction of the connections of different 
structures as shaft, headrace tunnel and passageway to calculate true structural stresses. 


REFERENCES 


Barton, N., Lien, R., Lunde, J. 1974. Engineering Classification of Rock Masses for the Design of 
Tunnel Support (RMQ). Engineering Classification of Rock Masses for the Design of Tunnel Support. 
Rock Mechanics, 6: 189-236. 

Benz, T., Schwab, R., Vermeer, P., Kauther, R., 2007. A Hoek—Brown Criterion with Intrinsic Material 
Strength Factorization. International Journal of Rock Mechanics and Mining Sciences 45(2): 210-222. 

Bergh-Christensen, J. & Dannevig, N. T. 1971. Engineering geological evaluation of the unlined pressure 
shaft at the Mauranger hydropower plant (in Norwegian). Oslo: GEOTEAM A/S. 

Bieniawski, Z.T. 1989. The Rock Mass Rating (RMR), System (Geomechanics Classification) in Engin- 
eering Practice: a complete manual for engineers and geologists in mining, civil, and petroleum 
engineering: New York, Wiley. 

Grimstad, E. & Barton, N. 1993. Updating of the Q-System for NMT. 

Hoek, E., Carter, T.G., Diedderichs. 2013. Quantification of the Geological Strength Index chart. In: 
PyracNolte, L.J. (ed.): Proceedings of the 47th US Rock Mechanics/Geomechanics Symposium 
ARMA - Curran Associates Inc., 9 p. 

Ljunggren, C., Chang, Y., Janson, T., Christiansson, R., 2003. An Overview of Rock Stress Measurement 
Methods. International Journal of Rock Mechanics and Mining Sciences; Volume 40, Issues 7-8, Octo- 
ber—December 2003, Pages: 975-989. 

NGI. 2022. Handbook. Using the Q-system, Rock mass classification and support design, Norway: Oslo. 


671 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Holistic largescale planning and optimization of urban subway 
works 


D.C. Konstantakos, P.E. 
CEO Deep Excavation LLC, New York, USA 
Adj. Prof. New York University, USA 


N. Lesgidis, Ph.D. 
Software Development Lead, Deep Excavation LLC 


ABSTRACT: Planning and deciding on a proposed tunnel alignment in an urban environ- 
ment presents many challenges involving expertise from different disciplines. The cost of station 
construction, tunnel, shoring, and impact on existing structures, potential ridership, ideally all 
need to be considered in initial planning phases by authorities but resource and technological 
limitations made such a complete approach almost impossible. Continuing advancements in 
accessible computing power allow engineers to access and utilize large scale data in decision 
making. This article presents how large-scale urban data can be incorporated with rapid geos- 
tructural and transportation modeling in driving better planning decisions for urban subways. 


1 INTRODUCTION 


Planning a new subway line has never been an easy exercise since multitude of parameters 
have to be considered. Key decision factors include quantifying the transportation service 
level improvements and economic benefits, estimating construction costs, and accessing the 
potential impact on existing infrastructure. Under normal circumstances this is a herculean 
task at the initial planning level. However, improvements in computational power and 
increased access to big city data can today allow for faster and more holistic approaches to be 
deployed. The following paragraphs present a novel holistic genetic evolution method for 
optimizing subway projects. 


2 CURRENT PRACTICE 


In current practice, a transportation authority recognizes the need to better serve city residents 
by expanding or building a new subway line. The planning process of the subway line for 
a city with no existing subway infrastructure will likely include the following steps: 


— Determine the main connecting city hubs (city center, major transportation hubs, etc.). 

— Collect existing geological and geotechnical data. 

— Determine possible route alternatives and station locations. 

— Estimate approximate costs. 

— Evaluate transportation level service improvements. 

— Engage consultants to refine the estimates and conceptual models. 

— Refine and select amongst the “best” alternatives that can be examined within the allocated 
planning level budget. 
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— Proceed to more detailed design. 
— Perform initial building damage impact assessments. 
— Procure project. 


In the case of an existing metro system the previous process would need to evaluate the 
overlaps in service, and potential impact of new lines on the existing tunnels. Performing the 
above tasks is a complicated time-consuming endeavor, especially at preliminary planning 
level assessments. As a result, the overall process is simplified by necessity and only a limited 
number of alternatives are considered. 


3 INTEGRATED HOLISTIC PLANNING 


Contrary to the existing approach, computational improvements allow us to integrate most of 
the above considerations in a single model that is running in a modern office computer. In the 
past, such computational effort would likely require a supercomputer but modern systems 
allow us to complete such evaluations at a substantially decreased cost. One could still employ 
a supercomputer but at an increased cost. A holistic automatic approach can consider the 
following: 


a. Import existing terrain. 

b. Import existing infrastructure such as structures, utilities, population density, road 
network. 

c. Define or import available geological/geotechnical information. 

d. Define major service areas or must service areas. 

e. Consider service overlaps with existing public transportation. 

f. Define project limitations such as line curvature, project cost, maximum building damage, 
areas that cannot be used for construction, etc. 

g. Define optimization targets, such as project cost, weighted project performance, long-term 
project value. 

h. Computerized holistic analysis. 

i. Human review of automatically generated outcomes. 

j. Re-iterations as required. 


4 THEORETICAL BACKGROUND 


4.1 Transportation service level improvements 


Detailed subway system transportation models have been described by several researchers for 
(references). Such models can consider ridership, interoperability with other transportation 
modes, service speeds etc. At a basic level, if each structure’s population can be estimated, the 
walking distance to the closest subway station can be estimated using available mapping solu- 
tions. What is of particular interest is usually the number of people served within certain levels 
of walking distance, such as 5min, 10 min, etc. intervals. Potential riders are much more likely 
to utilize a metro system if the walking distance to the closest station is within ten minutes. 


4.2 Tunnelling and excavation costs 


Estimating tunneling and excavation costs is an art that requires experience. However, data- 
bases exist that quantify such costs. With a little preliminary effort some of these costs can be 
customized based on local knowledge. Efron et. al. (2012), Flanttic (2016), and other 
researchers have proposed methods for estimating tunneling costs according to tunneling pur- 
pose, construction method, and geologic conditions. At a planning level these methods can be 
used to provide rough cost estimates. 
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4.3 Building damage assessment 


Estimating the impact of tunneling and excavation works on existing structures is an import- 
ant component. From the tunneling aspect groundwater level changes, soil losses, tunnel flex- 
ure, and consolidation have all the potential of causing structure deformations. Tunnel 
settlement methods that can be employed include Peck (1969), Laver et. al. (2017), Song et. al. 
(2019), Wei et. al. (2021). Burland et. al. (1995, 2018), Mair et. al. (1996) related maximum 
shear strain levels to a damage level as a percentage of the property value. Correlating all 
these allows the damage component of each affected structure to be evaluated and incorpor- 
ated in the overall assessment. 

Under normal circumstances, deep excavation sections at stations usually have a greater 
potential for causing localized disturbance vs. tunneling that has a greater largescale impact. 
Settlements there can be estimated from either semiempirical or analytical methods. 


4.4 Long term value analysis 


Quantifying the long-term value of a subway project is more of an art vs. an exact science. 
Benefits can include quality of life improvements, reduced pollution, and increased economic 
activity. During design and construction, job creation and disruptions can also be accounted 
for. At a planning level analysis, different levels of an annual benefit per person can be 
assigned to the population accessibility levels. 


4.5 Optimization methods 


While various optimization methods are available, currently genetic evolution and machine 
learning are the most popular. Currently the major hurdle with machine learning is the 
requirement for proper training on large scale data sets. Genetic evolution on the other hand 
allows a step by step approach to optimization. In this approach, one variable or point is 
modified with a degree of randomness and if the result is better vs. the parent then the change 
is accepted. Figure | presents the overall concept as adapted from Soni (2018). If the change is 
not acceptable, then the random search step can be increased until better criteria are met. 
Parameters that can be examined in subway works can include depth to tunnels, alignment, 
diameter, station locations, station excavation methods etc. Placing restraints on the optimiza- 
tion is paramount. Such restraints could include maximum and minimum depths, must pass 
locations, and cannot pass locations for historic or sensitive sites, or maximum construction 
cost. 


Initialization 


Crossover 


Termination 


Figure 1. Genetic evolution process. 
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The other important aspect is that one must decide what to optimize for and when to stop 
optimizing. One approach is to optimize for the best benefit given a maximum construction 
cost. This article advocates for optimizing for a weighted score that considers economic bene- 
fits, construction costs, impact on existing infrastructure, and long-term benefits. 


4.6 Speeding up calculation times 


Even with our current computational advances automatically optimizing such large-scale pro- 
jects can be extremely time consuming. Critically, most stations are generally built on rect- 
angular shapes that are approximately 20m wide by 60m to 80m long and are usually located 
in critical road junctures. If one restraint is placed that existing structures cannot be demol- 
ished to make way for new subway stations, then a map positioning algorithm can scan roads 
and junctures and determine potential new station locations. After minimum and maximum 
travel distances between stations are specified, this approach allows the genetic evolution algo- 
rithm to limit the number of positional changes from infinite to a large but definite number. 

Performing a detailed damage assessment can also be time consuming. Approached to 
speed up calculations are to limit the number of buildings examined within a specified dis- 
tance, examine fewer points on building walls, or perform a simplified damage score analysis 
solely on one point on the structure. The final choice depends on the desired level of detail 
and available multithread computational power. 

On the transportation analysis, one can perform a detailed analysis for every structure 
based on assumed population densities and actual walking travel paths using services such as 
Google maps, Maps.com etc. Alternatively, the distance to the nearest stations can be com- 
puted and approximate travel times can be estimated after some simplifying assumptions for 
free. 


5 CASE HISTORY 


To illustrate the approach, we examined the existing alignment of the Thessaloniki, Greece, 
subway project. The project was ideal for this study as it is the first subway line constructed in 
the city, and the authors are familiar with many of the geological and project conditions. The 
Thessaloniki Metro is approximately 9.6 km. long with thirteen center-platform style cut and 
cover stations. Two single tunnels were constructed with the earth pressure balance tunnel 
boring machines. Information on the stations and locations was approximated based on Piti- 
lakis et. al. (2007) using a single station configuration whereas in the actual project stations of 
different depths were constructed. Figure 2 presents a general map of Thessaloniki with the 
original Metro line in blue (Attiko Metro) together with planning level transportation service 
analysis and cost estimate results. 

The genetic evolution analysis was performed with the DeepEX software by Deep Excava- 
tion LLC without the damage assessment component for reasons of completing the article 
within the submission deadline. While it is theoretically possible to have multiple parameter 
mutations applied simultaneously, given time and computational resources, only the station 
position was varied in this evaluation. Figure 3 presents a sample evolutionary step map soft- 
ware output. The project cost was based on the work of Rastami et. al. (2013), assuming 
a soft twin-tunnel ground TBM with a 1.75 inflation factor from 2008 USD, and a 0.6 adjust- 
ment international adjustment factor for European cost of works as the original work refers 
to US projects only. On a cost-benefit basis this evolutionary step was acceptable and adopted 
further in the analysis as it was below a predefined convergence tolerance of 0.25% from the 
original step. 

For completeness, the total actual project cost was in the range of 1.6 billion Euro while the 
initially estimated cost was at about 1.1 billion Euro. The current planning level estimates 
hovered around 1.25 billion Euro with an estimated completed tunnel cost of approximately 
Eur. 65000/m. In a complete transportation modeling, existing alternative public transport 
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Figure 2. Original subway alignment model. 


services would have to be included. In such a case, this alternative might not be equally accept- 
able since the new route has a greater service overlap with existing bus routes. While this opti- 
mization primarily focused on project cost, it is entirely possible to target a weighted 
performance index, or overall project net benefit over a target project life. 
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Figure 3. Evolutionary step. 
6 CONCLUSIONS 


A holistic automated approach to evaluating potential new subway alignments has been pre- 
sented. Utilizing genetic evolution algorithms, the proposed method offers means of delivering 
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better decision making at the planning phase by enabling planners and engineers to account 
for a wide range of factors. 
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ABSTRACT: One of the key design and construction parameters in urban tunnelling pro- 
jects with the use of a closed face Tunnel Boring Machines (TBM), is the appropriate range of 
face pressure to be applied by the TBM, so as to meet all the relevant strict and many times 
conflicting requirements. On the one hand, the face pressure needs to be high enough to 
ensure not only the tunnel face stability, but also the control of induced ground deformations 
within predefined, acceptable limits. On the other hand, maintaining a conservative value of 
the face pressure that is too high, results in a slow boring process, when all urban tunnel pro- 
jects face challenges with very demanding construction schedules and may also lead to blow- 
out risks. Although numerous analytical methodologies provide a satisfactory degree of 
investigation of the required face pressure for face stability, the estimation of the face pressure 
that will additionally result in limited deformation around the tunnel and hence on the ground 
surface, still practically relies only on execution of parametric 3D numerical analyses. This art- 
icle briefly presents an analytical method that can be applied on soft ground urban tunnels to 
assess the level of active face support to be considered in numerical analysis in order to ensure 
elastic relaxation in the advance core and thus effective ground deformation control. The 
method is then compared with three (3) urban tunnelling case studies from India and Ecuador, 
where TBMs have successfully underpassed urban areas and structures with EPB machines, 
through soft soils under small overburden. Available design and construction data from the 
applied face pressure and the recorded deformational field around the tunnels are presented, 
followed by a comparative discussion on the results and the applicability range of the method. 


1 INTRODUCTION 


Face stability is a key success factor for tunnelling works, especially for shallow urban tunnels 
excavated in challenging ground conditions and in many cases under stringent environmental 
and physical constraints. Face instability and a consequent tunnel failure can have detrimental 
impacts on various aspects of the project, such as construction schedule, budget, third party 
assets, reputation and loss of life, to name a few. As per a recent study on historic tunnel fail- 
ures and trends up to 2019, face collapses are responsible for 72% of the recorded metro 
tunnel failures (Konstantis & Spyridis, 2020). In urban underground projects, the use of 
closed-face (Slurry or Earth Pressure Balance) Tunnel Boring Machines (TBMs) has signifi- 
cantly mitigated the face instability risks through the application of active support pressure 
during the construction operations. The minimum required support pressure specified in the 
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confinement profile for the TBM drive must ensure both the stability of the tunnel face and 
the fulfilment of the allowable ground deformation criteria. This is a three-dimensional prob- 
lem, and a detailed solution requires in principle 3D numerical analyses. However, even if the 
wide use of these sophisticated analyses is considered feasible nowadays for important urban 
tunnel design purposes, a quick and reliable assessment of the level of required support pres- 
sure to start with during such a series of analyses is a valuable tool. This article presents the 
Finite Element Modelling (FEM) and case studies validation of such a method (Konstantis, 
2013, Konstantis et al. 2022), that provides a quick and reliable assessment of the level of the 
required support pressure to ensure active face support and ground deformations control in 
soft ground urban tunnels through elastic relaxation of the advance core. 


2 FAILURE MECHANISM 


The proposed method combines the Anagnostou & Kovari (1994, 1996) method for face sta- 
bility (Figure 1) with the modified Convergence- Confinement (C-C) approach for ground 
deformations (Aristaghes & Autuori, 1998, 2003), according to which the stress relaxation in 
the advance core is defined as: 


Gint = Oy = (1 —A)oo + AP (1) 


where P is the TBM applied face pressure, 4 is the classic deconfinement ratio and og is the in-situ 
geostatic stress at tunnel level. For most of the shallow urban tunnels excavated with soft ground 
TBMs, the applied face pressure does not allow for excessive relaxation of the advance core and 
hence plastic deformations of the ground surrounding the excavation. Therefore, for elastic 
ground response can be assumed in the equation above (Aristaghes & Autuori, 1998, 2003). 

In Anagnostou & Kovari (1994, 1996), the ground stress on the wedge crown, R, is determined 
from the silo theory. In the presented method and based on the modified C-C approach, R is the 
relaxed stress in the advance core o, and À is the elastic deconfinement ratio at distance x = 
D-tana/2 ahead of the face, where D is the tunnel diameter and œ is the wedge inclination. The 
shear resistance T, of the side failure plains is calculated by integrating the respective shear stres- 
ses (Anagnostou & Kovari 1994). It is a function of the coefficient of lateral stress in the wedge, 
K, which depends primarily on the confinement applied at the tunnel face and the resulting stress 
relaxation in the advance core. In this approach, conditions of earth pressure at rest Kọ = 1-sing 
were considered, given the objective to ensure that the advance core remains in the elastic range. 
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Figure 1. Face failure mechanism (Anagnostou and Kovari, 1994 & 1996). 


3 MINIMUM SUPPORT PRESSURE P TO ENSURE ELASTIC RELAXATION 


The stability for homogenous ground is assessed by considering the limit equilibrium of the 
wedge failure mechanism. The critical wedge inclination, @,,, is determined through an iterative 
process for the maximization of the support pressure, P, at the tunnel crown which is defined as: 


Ci(1 = A)oo + Coy — C3c 


P(kPa) = Cy 2C; ’ 


(2) 
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where Cl, C2, C3 and C4 are coefficients that depend on the tunnel diameter D, the ground 
friction angle ọ and the wedge inclination œ and they are defined as: 


Cı = D’ tana(3cos@ — tan ọ(3 sin w — 2sing + 2)), 3 

3 ; 
Cı = 5P tan œ (cos œ — sin w tang) — D? tan œ tan ọ(1 — sing), 4 

of 1 
C3 = 3D | — + tano }, 5 
cos @ 
3 a . 

C4 = 4D (cos w tan @ + sina). 6 


If the tunnel is excavated under the ground water table, effective ground parameters must be 
considered to determine the effective support pressure P’, which must balance the earth pressure. 
For twin tunnels and depending on their distance and the response of the surrounding ground, 
the tunnel interaction should be considered when defining the deconfinement ratio for the second 
tunnel. In order to investigate the sensitivity of the critical wedge inclination w,, to the tunnel 
geometrical characteristics and ground design parameters, probabilistic analyses were carried out 
using Monte Carlo simulation for the uniformly distributed random variables. In all cases, condi- 
tions of hydraulic equilibrium were considered with no destabilizing seepage forces acting on the 
tunnel face. According to Mollon et al. (2009), the assumption of negative correlation between 
the shear strength parameters gives greater reliability of the tunnel face stability. In the present 
work, however, c and ọ were assumed to be uncorrelated variables. The deconfinement ratio A 
was determined from the following equation (Chern, 1998) which is valid for elastic ground con- 
ditions, where x is the distance from the advancing tunnel face and R is the tunnel radius. 


1,7 


J= (1 + exp(0.915)) | (7) 


The range of random variables’ values in the probabilistic analyses was as per the table 
below: 


Table 1. Range of parameters considered in the analyses. 


Parameter Range 
Tunnel diameter D (m) 5-12 
Overburden height (from ground level to tunnel crown) H (m) 10-40 
Ground water height (above tunnel crown) H,, (m) 0-H 
Cohesion c (KPa), characteristic 0-35 
Friction angle ø (°), characteristic 20-40 
Earth pressure coefficient at rest Ko 0.36-0.66 
Ground unit weight y (kN/m*) 16-23 
Surface surcharge load g (kPa) 0-120 


Based on the results and the correlation coefficients of the probabilistic analyses, it was deter- 
mined that @-, is primarily a function of the ground friction angle ọ. For both dry conditions and 
tunnel excavation under the ground water table and with values of the correlation coefficient R2 
in the order of 0.96, œa, can be defined as wa. = 40° - g/2. For practical applications, the coeffi- 
cients C1 to C4 can be defined from the design nomograms presented in Figure 2. These are valid 
for the considered range of values of the design parameters and are based on the aforementioned 
assumptions and on elastic ground response. 
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Figure 2. Design nomograms for the coefficients C1 to C4 for elastic ground response. 


4 FEM VALIDATION 


The proposed method was verified through a series of parametric numerical FEM analyses 
conducted with three-dimensional models of circular tunnels using ABAQUS software (Kon- 
stantis et al. 2022). Figure 3 presents a comparison between the values of predicted pressure 
from the FEM analyses and the respective values of face pressure from the proposed method. 
The comparison is very satisfactory, especially for tunnels at shallow depths, i.e. where the 
concept of maintaining an elastic advance core is of actual practical importance in tunnel 
works. 
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Figure 3. Comparison between Values of Pressure for Elastic Relaxation resulting from analytical 
method and FEM validation analyses (pressure in kPa). 


5 CASE STUDIES VALIDATION 


The proposed method was tested against three constructed tunnel projects, in an attempt to 
validate its applicability and compare its results with the recorded applied face pressures. The 
considered projects are the Delhi Metro (Massinas, et al. 2015) and the Jaipur Metro (Massi- 
nas, et al. 2018) in India, and the Quito Metro in Ecuador (Pena, 2020). 
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5.1 Delhi Metro 


At a certain stretch of Delhi Metro, the new Line 8 TBM tunnels with a 6.35m diameter had 
to be excavated below the operational Line 2 bored tunnels with a critical clearance of 4.5m 
and an overburden of approximately 24m (Figure 4). As per the geotechnical investigation, 
soil alluvium known as Delhi silt was the main formation along the alignment of the running 
tunnels, which is generally a fine-grained soil material in the form of sandy silt and at places 
silty sand, with interlayers and varying percentages of gravels and clay. According to the 
laboratory test results, the silt at the depth of Line 8 was characterised by cohesion and fric- 
tion angle of 20-30 kPa and 32-34°. The ground water level was detected below the tunnel. As 
per the analytical solution used by the design team (Massinas & Sakellariou, 2009), a plastic 
zone of less than 0.5m was calculated for support pressure range of 1.8-2.2bar, while for 
2.4bar the soil around the cavity remains within the elastic domain. In the FEM analysis, 
a value of 180kPa was used at the tunnel centre line. 


Physical Model Equivalent Model for 
Existing Line-2 Tunnels P Cakulasions 


Surfin v 


Figure 4. Schematic cross section of the Line 2 underpassing (left) and considered models (right). 


As per the proposed method, the minimum required face support pressure at the tunnel crown 
to ensure elastic relaxation of the advance core is 109 kPa. Assuming a muck unit weight of 14 
KN/m?, the required face pressure at the tunnel centre line equals 153 kPa. Looking at Figure 5, 
which shows the predicted versus the recorded face pressures and settlements at the area of under- 
passing of the existing Line 2, the application of a face pressure at the tunnel centre in the order 
of 150 to 160 kPa as per the proposed method results in ground deformations of 4 to 5 mm. It 
could therefore be considered as a highly reliable assessment of the level of the required support 
pressure and a starting point for conducting any sophisticated 3D numerical calculations. 
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Figure 5. Predicted vs. recorded face pressures & settlements at Line 2 underpassing (Massinas et al. 
2015). 


5.2 Jaipur Metro 


The alignment of the Jaipur Metro twin tunnels had to underpass the Chandpole Gate, 
an impressive 10m high stone masonry heritage structure constructed in 1727, with 
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a 4.5m clearance to its shallow foundation (see Figure 6, left). The TBM tunnels had an 
excavation diameter of 6.51m and a centre-to-centre distance of 13.8m. As in the case of 
the Delhi Metro, soil alluvium was the main formation present along the alignment, 
a fine-grained soil material in the form of sand to silty sand with gravels, characterized 
by cohesion and friction angle of 5 kPa and 27° respectively. The ground water level 
was detected below the tunnel level. Using the same analytical solution of (Massinas & 
Sakellariou, 2009), a minimum plastic zone less than 0.5m for a mean support pressure 
within the range of 1.4-1.5 bar was estimated, while for 1.6bar the soil around the exca- 
vation would remain within the elastic range. In the FEM analysis, a value of 150 kPa 
was used at the tunnel centre. As per the proposed method, the minimum face support 
pressure at the tunnel crown is 70kPa and 116 kPa at the tunnel centre assuming 
a muck unit weight of 14kN/m?. From Figure 7 which presents the variation of the aver- 
age face pressure of the middle sensors per ring excavation below the Gate, the recorded 
face pressure for TBM1/ Up Line (excavated first) is very close to the value of 116 kPa, 
as calculated from the proposed method. From the recorded settlements induced by the 
first bore of TBM1 (see Figure 6, right), the applied face pressure resulted in 2 mm 
maximum settlement, hence it could be concluded that the advance core remained in the 
elastic range during tunneling, as assumed by the proposed method. 
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Figure 6. Section of the underpassing of the Chandpole Gate in Jaipur Metro (left) and Calculated 
versus measured surface settlements (mm) (right). 
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Figure 7. Variation of average face pressure of middle sensors per ring excavation below the Chandpole 
Gate (TBM1, Up Line was excavated first) from Massinas et al. 2018. 


5.3 Quito Metro 


The proposed method was also compared with the recorded face pressures of the TBM during 
the excavation of the running tunnel for the Quito Metro in Ecuador (Pena, 2020). The exca- 
vation diameter was 9.4m and the tunnel was bored through a mixed geology comprising 
man-made deposits (R), volcanic tuff (Tur), alluvial deposits (Fl-Ca), silty clay (CL) and silty 
sand (Ca) with the geotechnical characteristics and properties presented in the below table. 
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The phreatic level changed along the alignment as in certain stretches it was 13m above the 
tunnel crown, whereas in others it was found below the tunnel invert level. Figure 8 presents 
the recorded TBM face pressures at the crown level between rings 701 and 1528. Ring 878 at 
chainage 30+220 (marked with the left red line) was excavated below a three-storey building, 
the tunnel overburden was 15m and the water level 5m above the tunnel crown. There were 
mixed face conditions, with the alluvial deposits at the crown area and the silty sand at the 
rest of the face. In the comparison, it was considered that the less competent alluvial deposits 
were present at the entire tunnel face. 

The recorded applied face pressure at the crown area at ring 878 was 113 kPa. As per the 
proposed method, the minimum required effective face pressure at the tunnel crown is 64kPa. 
By adding the water pressure of 50kPa, the proposed method requires a pressure of 114kPa, 
almost identical to the recorded value. However, a further and more concrete conclusion 
could be drawn if the monitoring results of the recorded settlements were available for this 
particular chainage. Ring 1377 at chainage 29+470, was placed below a four-storey building 
and the face was excavated inside the silty clay. The tunnel overburden was 10m and the water 
table was 4m above the tunnel crown. The recorded applied face pressure at the crown area at 
this chainage was 75kPa. As per the proposed method, the tunnel face is self-supported and 
the only pressure required is 40kPa to counterbalance the water pressure. Considering the +30 
kPa support pressure deviations for the EPB TBMs as per DAUB (2016), the derived required 
support from the proposed method is very close to the applied face pressure. 


Table 2. Range of parameters considered in the analyses. 
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Figure 8. Recorded TBM face pressures at crown sensors along the alignment between rings 701 and 
1528 (the red lines indicate rings 878 and 1377). 


Ring 1574 at chainage 29+040 (marked with the red line in Figure 9), was excavated in dry 
conditions under a green field area, with 12m tunnel overburden. The water level was below 
the tunnel invert and there were mixed face conditions, with the alluvial deposits at the crown 
area and the silty clay at the rest of the face. In this comparison, it was likewise considered 
that the less competent alluvial deposits were present at the entire tunnel face. The recorded 
applied face pressure at the crown area at ring 1574 as shown in Figure 9 was 54 kPa. As per 
the proposed method, the minimum required pressure at the tunnel crown is 68kPa, approxi- 
mately 25% more than the recorded value. A further and more concrete conclusion could be 
likewise drawn if the monitoring results of the recorded settlements were available for this 
chainage. 
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Figure 9. Recorded TBM face pressures at crown sensors along the alignment between rings 1529 and 
2453 (the red line indicates the examined case at ring 1574). 


6 DISCUSSION 


The presented method combines the assessment of face stability conditions and support pres- 
sure for soft ground TBM tunnels with the ground deformation analysis. For the considered 
range of input parameters and a range of tunnel diameter to tunnel depth <2.5, it is possible to 
estimate the level of active pressure on the tunnel face in order to ensure elastic relaxation of 
the advance core and hence elastic ground deformations ahead of and above the face. In this 
paper, the validation of the proposed method and the comparison of derived face pressures 
with three case studies has been presented. The results show a remarkable correlation and 
accordance with the recorded face pressures. Thus, for the considered range of applicability, 
the presented method can provide a reliable benchmark for a first assessment of the support 
pressure required to ensure elastic relaxation of the advance core and can be used as a starting 
estimation for more sophisticated three-dimensional numerical analyses of complex tunnel 
design projects. 

Currently, this method can be applied for layered ground provided that the different layers 
have similar strength and deformability characteristics and the assumption of ‘uniform’ face 
conditions can be adopted. The proposed method needs to be further adapted for layered 
ground with considerably different geotechnical parameters and also the assumptions on à 
and Aristaghes et al. need to be further assessed. In addition, comparison against more case 
studies should be carried out in order to further validate the proposed approach and method. 
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ABSTRACT: The mechanical properties of reinforced concrete elements tend to be damaged 
and weakened after they have been exposed to a significant fire, leading to a thinner alkaline 
protective coating around steel reinforcement, as well as a reduction in the yield and stiffness of 
the steel. In tunnels, fire can increase the concrete temperature extremely rapidly, as the heat 
generated cannot escape, resulting in high vapor pressures within the concrete structure, which 
in turn leads to explosive spalling and a significant loss of strength, potentially endangering 
human lives. In this study a series of experiments was conducted to evaluate the performance of 
a specific lightweight fireproofing material in terms of its behavior in fire. Test specimens were 
produced and tested in accordance with exposure under the RWS fire curve up to a temperature 
of 1,350 °C as outlined in EFNARC guidelines, then the passive protection provided by the 
product was evaluated for various layer thicknesses and exposure times. To further substantiate 
these laboratory findings, a full-scale field test was carried out in an existing reinforced concrete 
tunnel (Panagopoula twin railway tunnel). The results further contributed to defining and evalu- 
ating the parameters in up-scaling this performance under real field conditions, and its influence 
as a realistic intervention scenario during tunnel service operations. 


1 INTRODUCTION 


Numerous incidents of fires in reinforced concrete road and rail tunnels have been recorded over 
the last decades with incalculable and irreversible consequences for both the structural integrity 
of the infrastructure and mainly for human lives lost and damaged (EFNARC, 2006; Li and 
Ingason, 2018). At the same time, the significant damage caused to the tunnel’s structural con- 
crete lining, means the time and cost of repairs required, creates major disruption and inconveni- 
ence directly, and indirectly in adjacent areas, to the road and/or rail traffic, whilst the waste of 
excessive financial resources is also inevitable (Sakkas et al., 2014). Fires that break out in tunnels 
can lead to the extremely rapid development of exceedingly high temperatures, due to the nature 
of the structures and the high-performance, dense, low permeability concrete in a confined envir- 
onment, with limited ventilation and evaporation ability. Consequently, there can be explosive 
spalling, which is a phenomenon due to the rapidly expanding water vapor trying to escape, 
building to a pressure that causes violent detachment of pieces of the concrete surface with a pop 
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or bang, simulating an explosion (Sakkas et al., 2016). Explosive spalling — depending on the 
density and compressive strength of the concrete — usually happens at a temperature range of 
between 300 °C and 450 °C (Formosa et al., 2011; Sakkas et al., 2014; Abed and de Brito, 2020). 

The need for fire protection of tunnels is usually covered by combinations of relatively com- 
plex approaches that include both active and passive fire protection techniques, which are applied 
in conjunction with modern fire management systems (Chen et al., 2012). Different materials and 
technologies are used to provide passive fire protection solutions (board systems, insulating blan- 
kets, sprayed mortar systems, intumescent coatings, anti-spalling fibers) for upgrading the fire 
resistance of existing both structural and non-structural concrete tunnel elements. Sprayed fire- 
resistant mortars are distinguished by their ease of application, and their ability to be applied to 
almost any given complex substrate geometry, as well as by their high performance. Therefore, 
when comparing sprayed fire protection mortars to calcium silicate boards for example, mortars 
tend to be a much easier and more cost-effective solution. Additionally, in recent literature, the 
possibility has been raised of fire protection boards contributing to higher peak heat release, due 
to their higher emissions, low heat transfer coefficient and low conductivity, which could lead to 
interactions with the heat transfer mechanisms, hot gasses, heat feedback and fire plume (Tomar 
and Khurana, 2019). There are also different types of fire protection mortars, based on their mix 
design and ingredients, to ensure the desired fire resistance properties of the sprayed mortars. 
Mortars containing many different types of materials, different binders, powder components and 
aggregates have been tested. However, today the most widely used materials used in high- 
performance fire protection mortars are expanded vermiculite, or expanded perlite, as these are 
widely available, cost effective and efficient in performance. 

Koksal et al investigated the effect of expanded vermiculite (153 — 199 kg/m?) and silica fume 
(0, 5%, 10% and 15% by cement weight) on lightweight fire protection mortar performance after 
exposure at elevated temperatures. They concluded that the vermiculite’s isolative properties 
resulted in less C-S-H decomposition, as the inner concrete layers maintain lower temperatures 
(Koksal, Gencel and Kaya, 2015). Kiran et al also investigated the performance of lightweight 
mortar containing expanded perlite by exposing protected concrete specimens for 30, 60 and 90 
minutes at 821 °C, 925 °C and 986 °C, respectively, concluding that these protective mortar 
coatings could effectively be used as sacrificial materials that thereby improve post-fire high- 
strength concrete performance (Kiran et al., 2022). Correia et al studied the ability of 
a vermiculite/perlite cementitious mortar to efficiently protect glass fiber reinforced polymers 
pultruded profiles in fire, and also compared this performance with using an intumescent coat- 
ing system, and a calcium silicate board system. All of the tested material technologies/tech- 
niques improved the fire behavior of the specimens, and the vermiculite/perlite mortar system 
achieved the highest temperature reduction and the greatest reduction in all the tested reaction 
in fire properties (Correia, Branco and Ferreira, 2010). Caetano et al developed both gypsum- 
and cement-based fire protection mortars using expanded perlite, expanded clay and expanded 
vermiculite, concluding that vermiculite gave the optimum results in thermal performance, 
whilst the reduced particle size distribution of the aggregates used did not benefit thermal behav- 
ior of the specimens tested (Caetano et al., 2022). Duan et al used a fire protection mortar coat- 
ing containing both expanded perlite and expanded vermiculite to protect a large-scale (1/5) 
immersed tunnel. In comparison with the unprotected tunnel segment, this mortar provided 
greater fire resistance, as no concrete spalling was observed. Moreover, wire mesh embedded 
during the mortar application, further increased its performance and fire resistance, by improv- 
ing its stability and preventing possible cracking (Duan et al., 2021). 

The main objective of this paper is to evaluate the performance of a vermiculite-based fire 
protection mortar under both laboratory and real-world site conditions. A series of tests were 
carried out by casting test slab specimens and protecting them with this fire protection mortar 
at different thicknesses. Subsequently, these samples were exposed to an RWS curve in 
a special laboratory furnace where the fire behavior of the specimen, as well as the perform- 
ance of the fire protection mortar, could be evaluated. Using corresponding portable equip- 
ment, the same test was carried out on site, by exposing a specific square area of the 
Panagopoula railway tunnel to an RWS curve, after it was prepared, and the fire protection 
mortar was sprayed to the desired layer thickness. 
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2 LABORATORY EXPERIMENT 


2.1 Materials 


The physical and mechanical properties of cement-based, prebagged, dry mixed and wet 
sprayed, fire protection mortar, Sikacrete®-213 F, for concrete surfaces, are presented in 
Table 1. To ensure the correct application and bond to concrete surfaces and substrates for 
the laboratory and on-site tests, 1-component, polymer modified, cement-based bonding 
bridge primer, Sika MonoTop®-910 Eco, was used. 


Table 1. Main physical and mechanical 
properties of the fire protection mortar used. 


Property Value 

Fresh Density ~1,000 kg/m? 
Hardened Density ~450 kg/m? 
Compressive Strength >1.50 N/mm? 


The specimen slabs used as the substrate for the laboratory tests, were cast in accordance 
with EFNARC guidelines (EFNARC, 2006). Slabs using for small scale tests were produced 
using a concrete mix with ~420 kg/m? cement and a water-to-cement ratio of 0.40. The com- 
pressive strength was ~65 MPa measured in test cubes. Mix design of the specimens for the 
large-scale test was differentiated as the concrete also contained anti-spalling fibers. 


2.2 Sample preparation & testing procedure 


The concrete slab small-scale specimens were produced and then sprayed with the fire protec- 
tion mortar at layer thicknesses of 20 mm and 26 mm, while the same procedure was also fol- 
lowed for large scale specimen, where a mortar layer of 26 mm, reinforced with wire mesh, 
was applied. By placing thermocouples in the middle of these mortar layers, the alternative 
scenarios of using protective layers of the mortar at thicknesses of 10 mm and 13 mm were 
also evaluated. As well as at these points, more thermocouples were located at the interface of 
the fire protection mortar and the concrete slabs with both 25 mm and 40 mm concrete cover, 
which again is in accordance with EFNARC guidelines (EFNARC, 2006). 

At the Panagopoula railway tunnel test site, thermocouples were installed on the crown/ 
internal roof of the tunnel in the layout described in the EFNARC guidelines for large scale 
tests (EFNARC, 2006). In total, nine thermocouples (Type K) were fixed on the tunnel crown; 
four thermocouples were fixed at the interface of concrete and the fire protection mortar, and 
five thermocouples were fixed 50 mm inside the concrete at the level of the steel reinforcement. 
After installation of these thermocouples, the fire protection mortar was applied by the wet 
spray method, to the designed thickness of 15 mm over an area of approximately 125x125 cm2, 
then the testing was conducted 56 days after the mortar application. With regard to the thermo- 
couples exact locations; TC1, TC2, TC8 and TC9 have been installed at the concrete and fire 
protection mortar interface, whilst thermocouples TC3, TC4, TC5, TC6 and TC7 have been 
installed 50 mm below the concrete surface to represent the steel reinforcement position, again 
all in accordance with EFNARC guidelines (EFNARC, 2006). 

In the laboratory tests, an electrical resistance furnace was used, designed in accordance 
with EFNARC guidelines for an adjustable square opening (150 — 400 mm), and with the abil- 
ity to successfully implement the RWS time — temperature curve (EFNARC, 2006). To moni- 
tor the temperatures inside, two thermocouples installed in the center of the furnace were able 
to record temperatures up to 1,600 °C, and within an accuracy of 1.50 °C. This testing proced- 
ure was conducted at the National Technical University (NTUA) facilities, in Greece. In add- 
ition, for comparison, and to confirm inter-laboratory test repeatability, plus to investigate 
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the effect of the furnace type and specimen scale on the test results, a concrete slab specimen 
(2100x1900x300 mm°) protected with a 26 mm thick layer of the fire protection mortar was 
also produced and tested in the Hagerbach Test Gallery, which is dedicated tunnel materials 
and equipment testing facility located within a tunnel in the Swiss Alps. Here a gas-fired fur- 
nace with a combustion chamber area and volume of 1500x1500x850 mm, which was also 
able to achieve the RWS temperature curve. Six (6) of the type K thermocouples were installed 
in the following arrangement: two thermocouples (TC1 and TC6) were located at the interface 
between the concrete and fire protection mortar, two (TC2 and TC3) at a depth of 13 mm in 
the mortar, and two (TC4 and TCS) at a depth of 25 mm in the concrete slab. For the on-site 
measurement, a furnace from ENALOS R&D was used, with a combustion area of 100 
x 100 cm. The furnace and its set-up, plus the test implementation is clearly shown in 
Figure 1. In both the laboratory and field tests, the RWS curve, as specified by the Nether- 
lands Ministry of Transport, was followed. During successful testing the temperatures at the 
depth of the reinforcement, and at the interface between the fire protection mortar and the 
concrete shall not exceed 250 °C and 380 °C, respectively. 


Figure 1. (a) Application of Sikacrete®-213 F to the tunnel crown and (b) furnace for site fire resistance 
testing in the Panagopoula twin railway Tunnel. 


3 RESULTS AND DISCUSSION 


3.1 Laboratory tests 


In Figure 2, temperatures are monitored at the specified points shown, and illustrated to com- 
pare with the EFNARC limitations, plus the temperatures at the center of the furnace where 
the sample is exposed. The mean value from the thermocouples located at the interface 
between mortar and concrete reached 100 °C and then 200 °C after approximately 20 and 60 
minutes, respectively, whilst the corresponding mean values from the thermocouples located 
10 mm in the mortar layer reached these temperatures after approximately 10 and 40 minutes 
respectively. Specimens with 20 mm mortar thickness succeeded in achieving a temperature 
profile lower than the limit of 380 °C, with a maximum temperature of 364.5 °C after 120 min- 
utes of testing, whilst the thermocouples located at a depth of 10 mm slightly exceeded the 
380 °C limit after 120 minutes. At the same time, and as shown in Figure 2, none of the ther- 
mocouples located at a depth of 2.5 cm or 4.0 cm in the concrete slab exceeded the acceptable 
limit of 250 °C, meaning that the embedded steel reinforcement would be able to withstand 
corresponding exposure conditions. During the test no yielding or explosive spalling 
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phenomena were observed, with the surfaces visually remaining in their original state, specific- 
ally in terms of there being no cracking, spalling, or other damage. 

In Figure 3, the temperature development on the concrete interface with the fire protection 
mortar (26 mm thick layer), at 13 mm depth, and with 25 mm and 40 mm concrete cover is 
plotted for the 120 minutes duration of the specimen’s exposure to the RWS fire load curve. 
Thermocouples located at the mortar and concrete interface (26 mm thickness) reached 100 °C 
and 200 °C after approximately 30 and 75 minutes, respectively, whilst thermocouples located 
at 13 mm depth, reached the corresponding temperatures after approximately 20 and 65 min- 
utes. Thermocouples located at the interface and at 13 mm depth in the mortar all recorded 
temperatures that did not exceed the 380 °C limit, with maximum values of 314.2 °C and 
355.8 °C, respectively, whilst the temperature recorded by thermocouples inside the concrete 
also did not exceed the 250 °C limit. In these tests also, no damage such as spalling or cracking 
phenomena were observed. What is clear from all these tests and the criteria fulfilled, is that 
with Sikacrete®-213 F fire protection mortar applied in thicknesses of 13 mm, 20 mm and 
26 mm — the requirements under the RWS curve were met, and so the tests were successful. 
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Figure 3. Results of testing under the RWS curve 


Figure 2. Results of testing under the RWS curve for 13 mm and 26 mm of the fire protection mortar 
with 10 mm and 20 mm of fire protection mortar (NTUA). 


(NTUA). 


When it comes to the larger scale specimen that was tested in the Hagerbach Test Gallery, 
the temperature profiles of the measuring points for the full duration of the test are shown in 
Figure 4. During this specific experiment and after 120 minutes of exposure under the RWS 
curve, no excessively high temperatures were observed, and the highest value was 250 °C 
(TC3), which is well below the 380 °C limit. Following this observation, it was decided to con- 
tinue the experiment for an additional 60 minutes, keeping the oven temperature constant at 
1,200 °C. Even after the total 180 minutes of exposure to this high temperature, the permis- 
sible limits were not exceeded, not the spalling point limit (380 °C), or the embedded steel 
reinforcement protection limit (250 °C). Comparing with the corresponding results presented 
in Figure 3 regarding NTUA test, improved results could be attributes to the wire mesh, as 
Duan et al also claim, while the influence of furnace type and sample size should be further 
investigated (Duan et al., 2021). 


3.2 Field test 


The transition from laboratory to real site field test conditions, is complex and always challen- 
ging, as many external factors and influences on the concrete elements, such as ground pressure, 
soil load, ground water pressure, and the internal moisture content of the concrete, can all affect 
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the results of fire testing (Jansson and Boström, 2013; Radzi, Hamid and Mutalib, 2016). The 
above parameters, and especially the moisture content, led to the occurrence of spalling phe- 
nomena at earlier temperature points than the prescribed (380 °C). In the test results shown in 
Figure 4, spalling occurred after approximately 73 minutes (Figure 5 shows 70 minutes, as the 
recording frequency of thermocouples was 5 minutes). There was no exceedance of the limit 
allowed by EFNARC guidelines, which in practice means that the sample did not fail the test 
after being exposed to the RWS curve. On the contrary, in situ conditions modified the spalling 
threshold from 380 °C to almost 270 °C (as in Figure 4). Taking this into account, 15 mm of the 
protection mortar — which theoretically successfully passes the test after exposure to the RWS 
curve for 120 minutes in laboratory environment, as indirectly shown by Figure 3 — can there- 
fore provide a reinforced concrete railway tunnel with: a real fire protection time of 73 minutes, 
in situations with a high moisture content measured in the substrate in situ (approximately 73% 
before testing), and for elements in situations with a lower moisture content (50% + 10% accord- 
ing to EFNAROC), this fire protection would approach the results from laboratory conditions. 
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Figure 4. Results of testing under the RWS curve Figure 5. Results of testing under the RWS curve 
with 13 mm and 26 mm of the fire protection for a 15 mm layer of the fire protection mortar in 
mortar (Hagerbach). the Panagopoula railway tunnel. 


Additionally, — for an optimized techno-economical approach of the project requirements - 
a special study was made of the time needed for self-rescue to a safe area by rail passengers by 
themselves, as well as the intervention times for the emergency response services. The calcula- 
tions — carried out in accordance with commission regulation (EU) No 1303/2014 - are given in 
Tables 2 and 3 (EU No 1303, 2014). In Table 2, the estimated data is given regarding the total 
length of the tunnel, the distance between emergency exits, the number of passengers and on- 
board railway staff, the worst-case scenario of fire in terms of power, the train evacuation times 
are summarized, and finally the total estimated time for self-rescue to a safe area is calculated, 
which was 70.4 and 11 minutes, for passengers and the freight train, respectively. In Table 3, the 
estimated intervention time by the emergency response services - accounts for 71.5 minutes - has 
been calculated as the sum of the time need for notifying about the incident, the arrival time of 
emergency services at the entrance of the tunnel, the approach time to the incident area by fire- 
fighters on foot, and the time for deployment of fire hoses. Therefore, even in the worst-case 
foreseen scenario the experimental fire resistance time - derived from the real scale field test (73 
min) - is sufficient for the tunnel to be characterized as safe and acceptable for public use. 

To further investigate and confirm the above calculations, a real-time reaction of the emer- 
gency services was then timed for an accurately simulated fire incident in the tunnel. After 
approaches by the emergency services at three different points in the tunnel - east, west and in 
conjunction with the existing auxiliary tunnel - the measured times amounted to 15, 20 and 
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Table 2. Estimated time for self-rescue to a safe area by 
passengers themselves - calculation. 


Parameter Value 
Tunnel total length 4.500 m 
Distance between emergency exits 500 m 
Passenger Train 

Number of passengers and on-board staff 538 
Worst-case fire power 25 MW 
Train evacuation time 8 minutes 
Tunnel evacuation time 70.4 minutes 
Freight Train 

Number of passengers and on-board staff 2 
Worst-case fire power 52.44 MW 
Train evacuation time 2.75 minutes 


Tunnel evacuation time 11.0 minutes 


16.5 minutes, respectively. Taking the above-mentioned times into consideration, the fire 
resistance of the concrete tunnel lining with the fire protection mortar is more than sufficient — 
even in a worst-case scenario - the differences between a laboratory limit (RWS) and 
a realistic fire scenario are also clearly defined and clarified. 


Table 3. Estimated intervention time by the emergency response services — calculation. 


Parameter Value 

Time for notification of the incident to traffic control center by on-board staff 9.9 minutes 
Time for notifying the incident to emergency services by traffic control center 11.0 minutes 
Arrival time for emergency services to the entrance of the tunnel 25.3 minutes 
Approach time to the incident area by the pedestrian fire-fighters 23.1 minutes 
Time for deployment of fire hoses before use 2.2 minutes 


Total intervention time 71.5 minutes 


4 CONCLUSIONS 


Different tests were conducted for evaluation of the fire protection mortar being investigated, 
the main conclusions of which are summarized below: 


e At layer thicknesses of 20 mm and 26 mm the passive fire protection testing under the RWS 
curve was successfully completed and passed, without any sign of cracking or spalling 
phenomena. 

e For sample specimens with fire protection mortar thicknesses of 13 mm and 26 mm, the 
testing was repeated in different laboratories, with different equipment and personnel and 
with different sample dimensions. Despite these different parameters the testing under the 
RWS curve was successfully completed and passed. 

¢ When carrying out larger scale field tests on site and testing in situ, different parameters related 
mainly to the internal moisture content of the concrete substrate adversely affected the results. 
This was because the high moisture content reduced the temperature point at which the explo- 
sive spalling can occur. Therefore, testing carried out on site was interrupted earlier due to the 
concrete surface spalling. However, the test continued and for the whole time of exposure, the 
measured temperature points were nowhere near the limits in the regulatory framework. 

e After theoretically calculating the self-rescue time and intervention time by the emergency 
response services, which was also verified in the field, the field measurements of temperature 
increase clearly showed that the fire resistance of the tunnel surface coated with the fire pro- 
tection mortar was increased well above the limit and successful. 
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e More scientific research regarding the furnace type effect, the scale effect, as well as the cor- 
relation between concrete moisture content and spalling phenomenon temperature points 
should be carried out say the authors. 
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ABSTRACT: The article presents 13 m in diameter TBM EPB railway tunnel driven in very 
complex geotechnical conditions - Quaternary soils (Sandy Clays, Fine Sands, Clays). The 
tunnels are largely located under city historic buildings and the thickness of the overburden 
above the tunnel top is about one tunnel diameter — as much as 0.8 + 1.1 D. Extensive moni- 
toring system of ground surface settlements, the expansion of settlement trough and displace- 
ments of subsoil over the TBM were implemented. In the paper, the results of settlements 
monitoring including long time settlements are presented. Additionally finite element predic- 
tion of settlement trough is discussed and compared with the data obtained from monitoring. 


1 INTRODUCTION 


The rapidly growing requirements for the underground infrastructure of cities make it neces- 
sary to build tunnels with ever larger diameters, located more and more shallow in relation to 
ground surface. Currently, advanced work is underway in Poland on the project of a high- 
speed rail network. As part of this investment, several tunnel projects are already being carried 
out, one of them being, the most advanced railway project for an agglomeration in central 
Poland. A shield with a large diameter of approx. 13 m is to drill tunnels leading the railway 
line under the city connecting the new underground railway station with existing rail network. 
The tunnels are largely located under city historic buildings and the thickness of the overbur- 
den above the tunnel top is about one tunnel diameter — as much as 0.8 + 1.1 D. With such 
drilling conditions, there is a high risk of instability in the building structure. An accurate pre- 
diction of tunnelling - induced displacement field is hence a key element of design studies of 
any urban tunnel (Mair 2011, Mair et al. 1993) or deep excavation of metro station (Mitew- 
Czajewska 2017). The main problem of tunnelling with the use of TBM is to assess the range 
of settlement trough and the impact of tunnelling works on existing buildings and under- 
ground infrastructure. With extensive development, the engineers have to cope with a problem 
of optimizing the substrate or structure strengthening and correct determination of the 
expected size of settlement and their surface distribution, including rheological processes. The 
article presents exemplary analyzes based on a case study for Quaternary glacial soils. 


2 PROJECT CONDITIONS 


2.1 Machine specification 


One tube railway tunnel of total length of about 2.3 km is designed for TBM EPB machine of 
13 m in diameter. One ring of segmental lining 0.5 m thick was composed of 8 segments. Gen- 
eral view of cutter head is shown in Figure 1. Technical data of the EPB machine are as fol- 
lows: outer diameter of segmental lining - 12.7 m; inner diameter of segmental lining - 12.2 m; 
face support pressure - max 2.7 bar; cover - 12-17 m bgl. 


DOI: 10.1201/9781003348030-84 
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Figure 1. View of the cutterhead of designed TBM machine. 


2.2 Soil conditions 


The route of the tunnels is geologically diverse. It is designed in Quaternary formations — 
mainly glacial deposits. Due to lithological and genetic diversity of the soils, different soil condi- 
tions of shield face stability and different maximum settlement of the surface could occur. The 
general characteristics of soil and water conditions along the section are presented in Figure 2. 


Figure 2. Geological profile (n°. 0-man made deposits; n°. 1-2-bouldary clay deposits; n°. 3-4-glacial 
sand); red line — tunnel alignment. 
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The oldest deposits along the section are Tertiary, formed in the form of Miocene 
sands, sandstones, as well as loams and mudstones of considerable thickness. Quaternary 
formations in the presented area are approx. 40 - 100 m thick and are formed in the 
form of a series of overlapping layers of interstadial sandy sediments and till complexes 
representing successive glaciations. In subsoil along the route of the tunnels, there are 
Quaternary sediments, mainly Pleistocene, related to the Central Polish glaciation 
(Warta and Odra stadial) and partially Holocene — Pleistocene periods (Kuszyk & Sie- 
minska-Lewandowska 2021). 

This material is glacitectonically deformed. Diversity in the layer arrangement is crit- 
ical for maintaining correct face pressure - abrupt changes in mixed soil layers can cause 
local instabilities. The continuous glacial sand layer consists mainly of medium and 
corse sand, locally mixed with gravel. Directly at the surface there are man-made 
embankments with a high content of brick debris of a variable thickness, sometimes 
even several meters. 

There is high groundwater level partly under hydrostatic pressure. This water pressure can 
reach up to 8m over the tunnel roof. Both field and laboratory tests were done to carry out 
geotechnical parameters for each soil layer — you will find details of each layer in Table 1. 


Table 1. Detailed soil properties for FEM analysis. 
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3 MONITORING DATA ANALYSIS 


3.1 Settlement trough profile 


Intensive monitoring of the surface along the tunnel axis was meant to enable subsidence con- 
trol during TBM passing and create a guideline for TBM EPB machine operator regarding 
drilling parameters and its control. The initial tunnel section was the greenfield area, so it was 
also used as test section for further prediction for tunnelling under buildings. Therefore, the 
location of the surface benchmarks along the entire length has been planned. The ground 
benchmark points were placed along the axis of the tunnel, with a spacing of about 5 m, 
which corresponds to the length of three rings of segmental lining. Based on the analysis of 
the results of the survey measurements in several sections and total station measurements the 
following ranges of the maximum value of the transverse settlement trough were established: 8 
+ 18 mm in selected points; 22 + 30 mm in selected points; 32 + 41 mm in selected points. 
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Based on the measured settlements in dedicated sections, the analyzed values of volume loss 
Vı and the settlement trough ranges were determined. They are presented below, supple- 
mented with the average value of the parameter k (taken from soil profile and formula Ana- 
gnostou & Kovari 1994): 


— Section A - Vy = 0.14% and k = 0.38 with a width of approx. 60 m; 
— Section B - Vy = 0.51% and k = 0.38 with a width of approx. 40 m, 
— Section C - Vy = 0.31% and k = 0.45 with a width of approx. 50 m, 
— Section D - V, = 0.44% and k = 0.38 with a width of approx. 60 m, 
— Section E - Vy = 0.54% and k = 0.38 with a width of approx. 40 m. 


Example of the measured settlement distribution profile is presented in Figure 3. 
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Figure 3. Settlements profile evaluation over tunnel. 


3.2 Longitudinal settlements profile 


The analysis of the depth and transverse extent of settlement trough in the extracted sections 
was supplemented with the analysis of the development of the longitudinal settlement profile 
along the tunnel axis. For this analysis the automatic measurement points located above the 
axis of the tunnel were considered. The graph of the maximum settlement along the axis of the 
bored tunnel between 5 main monitoring sections is shown in Figure 4. 

The development of the longitudinal subsidence trough in each section was analyzed, 
taking into account the date of passage of the cutting head (machine front) and TBM tail, 
the date of maximum subsidence and the moment of its stabilization. For detailed analysis, 
tacheometric measurement points on the axis of the bored tunnel were selected and non- 
averaged readings were considered by reading the data from the graphs shown as example in 
Figure 5. Final range of settlements in the tunnel axis was from -4,2 to 39,7 mm at greenfield 
test area. 


3.3 Long time settlements 


On the basis of further analyses of the settlement diagrams, it is possible to determine the 
value of long-term settlement for the tunnel with long-term measurements. The measurements 
were carried out until the settlements stabilized as show in the example diagram in Figure 5. 
Measurements were carried out in selected sections for a period of approx. 2 + 3 weeks. 
Sample results are presented in Table 2. 
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Figure 4. Longitudinal settlements profile — greenfield area. 
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Figure 5. Long time settlements in greenfield area (green arrow — TBM face, red arrow — tail void). 


Table 2. Values of settlements for different TBM location from moni- 
toring section B. 


Days Settlement Distance from 
[mm] monitoring section 
TBM Face 0 -3,2 0 
Tail void 1 -16,3 11 
Max settlement 14 -29,7 25 
Long time settlement 18 -29,7 61 


4 NUMERICAL PREDICTION 


The purpose of the FEM 2D analysis by Plaxis software was to determine the depth and extent 
of the transverse subsidence trough formed with calibrating the values of geotechnical param- 
eters of the subsoil (including calibration of Epgp; Eso and Eur modulus). The results of numer- 
ical calculations were compared with the results of settlement measurements in the analyzed 
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sections. In the first stage (preliminary analysis), calculations were performed with the use of the 
subsoil parameters presented in Table 1. Then, the values of the moduli of the dominant geo- 
technical layer (n°. 3) in which the TBM worked, were changed. This procedure was imple- 
mented to find in back analysis the best fit of both outcomes — numerical and field one. 

The computational model in the measurement sections was an area of 80 x 45 m with 
a mesh of triangular finite elements. The model geometry was divided into 15-node finite elem- 
ents with interpolation of fourth-degree displacements. This resulted in 4,300 elements and 
34,900 nodes, respectively, for the dedicated section model. 

Figure 6 shows one of the monitoring section’s models with a finite element mesh, the 
adopted division into soil layers, groundwater table and the location of the tunnel. A tight 
groundwater table was assumed. The model area has been limited by boundary conditions - 
horizontal and vertical movement is blocked on vertical edges, and the lower edge nodes are 
blocked in horizontal and vertical directions. 

Beam elements with a defined cross-section with assigned material parameters were modeled 
as structural elements. The linear-elastic material model was used to describe the lining of the 
tunnels, and the elastic-plastic soil model Hardening Soil with Small Strain Stiffness (HSS) was 
used to describe the soil layers. Material parameters are presented in Table 1 (p,er = 100kPa). 

Numerical simulations were carried out in the computational stages in accordance with 
phases of tunnel works. The greenfield conditions are presented in Figure 6 and it was 
described by vertical stress phase (Geostatic). A detailed division into stages with their 
description is presented in Table 3. Figure 7 shows the outcomes of settlements distribution 
from calculations. In the model the volume loss was assumed. 


Figure 6. Geometry of the MES model — layers described in Table 1. 


Table 3. FEM analysis stages. 


— Stage Active model element Description 

1 _ Geostatic e Soil Orginal stresses 

in soil 
2 TBM e Soil TBM model, tunnelling process by TBM — 
e TBM deactivation inner elements 
, e Soil ; : 
3 Contraction e TBM Volume loss simulation (VL) 
, : TBM deactivation. Tail void injection - 
a Grouting e Soil 260 kPa pressure 
5 Tunnel i s. -So = Concrete segmental lining activation 
construction e Tunnel linin 
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Figure 7. Numerical settlements simulation (light blue — 0mm; dark blue — relaxation max 12mm; dark 
red — settlement max 40mm). 


In order to further calibrate the model and obtain compliance of the measured and calcu- 
lated maximum values of settlement trough in selected sections, several calculations were per- 
formed. The following moduli were adopted as the leading parameter: Eoea; Eso; Eur- 
Calculations were made in three variants of the values of the previously mentioned moduli - 
increasing their value by 20 MPa, 40 MPa and 60 MPa. In the fourth variant, the values of 
Eoea modulus; Eso; Eur remained unchanged and Go modulus was increased to 225 MPa. 

Based on the numerical analysis for the sections and the obtained relatively high concord- 
ance of the calculated and measured values, the resulting values of analysed layer in back ana- 
lysis increased modulus value by about 20 + 30%. 


5 CONCLUSIONS 


When analysing the distribution of the settlement trough along the tunnel axis, it was found 
that the maximum settlements value is not observed immediately after TBM (cutter head and 
tail) passed over the monitoring sections, but after several days from the first measurement in 
the section. This coincides with data from several authors (Longanathan & Poulos 1998); (Sie- 
minska-Lewandowska & Kuszyk 2020) who stated that in the case of tunnel works performed 
by mechanized shields, 70 + 80% surface subsidence is the result of deformations on the head 
of the excavation. In the case of excavations made with the use of TBM, this value drops 
below 70%, depending on the used equipment (Anagnostou & Kovari 1994). Depending on 
the ground disturbance, the percentage of the surface settlements, is on average: in the front 
of the machine 10 + 20%; along the shield length 40 + 50%; in the tail void 30 + 50% (Leca & 
New 2007). 

In most type of soil, the amount of subsidence on ground surface is approximately equal to 
the loss of ground volume in the face. The percentage distribution of the settlement values 
along the TBM advance on the analysed greenfield area is presented in Table 4. 

Based on the analysis of measurement results from the greenfield sections for shallow TBM 
EPB tunnel of 13 m in diameter, the following is concluded: 


1. Development of the settlement trough in consolidated glacial deposits reaches the average 
value of 30 to 35 mm, with the possibility of a maximum value of settlements within 
40 mm. 

2. The range of the settlements trough in the test section is approximately 60 m. 
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Table 4. Settlements distribution depending on the TBM zones. 


Section TBM Face Settlement TBM Tail Settlement Max / Total 
[mm] [%] [mm] [%] Settlement [mm] 
B -3,2 ; 10% -16,3 ; 44% -29,7 
C -5,6 ; 49% -7,1 ; 13% -11,4 
D -17,7 ; 60% -23,3 ; 19% -29,3 
E -14,4 ; 39% -24,0 ; 26% -36,3 


3. Calculated on the basis of the observed evaluation of settlement trough, the mean values of 
volume loss Vņ are in the range from 0.30% to 0.50%. 

4. The value of the K parameter, determined on the basis of soil profiles in monitoring sec- 

tions or in their vicinity, is approx. 0.4 on average. 

5. Soil properties and deformational parameters taken into account in calculations are pre- 

sented in Table 1. 

6. Settlements along the shield path reach their maximum value when the TBM front face is 
located at a distance of 25 m to 60 m from the measuring section, which means that obser- 
vations should be made at least 10 to 15 days after passing the TBM front over the measur- 
ing section (taking into account stoppages and interventions during this time period). 

. The percentage of settlements over the TBM front face is from 40% to 60%. 

8. The percentage of settlements in the TBM tail ranges from 13% to 44%. 


N 
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ABSTRACT: The presence of discontinuities in strong rock masses creates blocky structures 
that give an overall different behaviour than an assumed continuous medium with adjusted 
mechanical properties if the non-jointed rockmass shear strength is higher than that of the 
rock joint. In this research, numerical simulation is used to investigate the effect of persistent 
and non-persistent discontinuities in the formation of plastic zone around a deep, circular 
tunnel. Parametric analyses for persistent joint sets are initially carried out investigating the 
effect of the presence of up to three joint sets, their spacing with respect to the excavation 
scale, and their strength parameters, i.e., joint friction angle and joint cohesion with respect to 
the initial stress field. Then, statistical analysis is used to deepen the understanding of the 
effects of joint length and spacing for non-persistent discontinuities, i.e., when rock bridges 
are formed around the excavation. The analyses results are used to identify the critical level of 
deconfinement in the development of plastic zone around the excavation. 


1 INTRODUCTION 


Rock mass, which contains discontinuities in various distributions and frequency of occurrence, 
behaves as a discontinuous medium, with these discontinuities determining its mechanical behav- 
ior. It is therefore necessary for the description of the rock mass to make an analytical character- 
ization of the properties of the discontinuities that govern it. According to ISRM (Brown, 1981), 
eleven parameters are required to characterize discontinuities: orientation, spacing, persistence, 
roughness, wall strength, filling, aperture, seepage, joint sets, block size, drill core. The existence 
of the discontinuities and their characteristics cause anisotropy in both the deformability measure 
and the strength of the rock mass (Jaeger & Cook, 1979, Alejano et al., 2010). 

Among the geometrical properties of the discontinuities the persistence parameter is the 
most important one due to the creation of rock bridges, that have a beneficial effect on 
the behaviour of the rock mass Einstein et al. (1983) and Kim & Kaiser (2004) investigated the 
effect of persistence on slope stability and rock mass behavior around an underground tunnel 
respectively, concluding the statistical importance of persistence. 

The effect of the size of the project in relation to the inhomogeneities naturally present in 
the rock mass is considerable in terms of the assessment of the mechanical behavior. One way 
to quantify the effect of size is by introducing the representative elementary volume (REV) of 
the rock mass. REV expresses the elementary volume size which contains a representative 
number of inhomogeneities so that the value of the mechanical properties remains constant 
(Hudson and Harrison, 1997). 

The instabilities that will occur around the excavation because of a single-persistent joint set 
can be calculated according to the analytical solution of Daemen (1989), Equation 1, assum- 
ing an elastic stress distribution around a circular opening. 
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r\2 (P -— Ps)[S-cos2(a — 0)tang + sin2(a — 0) (1) 
(z) < —S.(¢ + Ptang) i 

After reviewing the relevant literature, a need was identified to systematically examine the 
behavior of strong discontinuous rock mass with one to three discontinuity nets. In that case, 
the behavior of the rock mass is expected to be mainly determined by the behavior of the dis- 
continuities and to differ significantly from that of a continuous medium. 


2 METHODOLOGY 


Simulation with the finite element method was chosen. Rockscience’s RS2 was selected to 
implement the simulations. It is a two-dimensional finite element analysis code, chosen for its 
ability to simulate geotechnical problems as well as discontinuous rock mass characteristics 
and the ease of stochastic display of discontinuities and their persistence. 

The rock mass is assumed to be isotropic, elastoplastic, and described by the Mohr- 
Coulomb failure criterion. The values of the rock and field stress properties are presented in 
Table 1. The discontinuities are described by the Mohr-Coulomb failure criterion. The range 
of values for discontinuity properties are summarized in Table 2. The cohesion parameter is 
expressed by the ratio c/Po, to include in the analysis, the field stress, based on which the tem- 
porary and permanent support can be decided. Also, the distance of the discontinuities is 
expressed by the ratio s/R, to relate to the scale of the project. 


Table 1. Rock and field stress properties. 


Property Value Unit of measurement 


Circular opening Radius R=1 m 
Specific weight (y) 0.027 MN/m3 
Excavation Depth (H) 200 m 
01=03=0,= y*H 5.4 MPa 
Poisson 0.2 - 
Young Modulus 15 GPa 
Friction angle (ọ) 33 degrees 
Cohesion (c) 1.5 MPa 


Table 2. Discontinuities properties. 


Friction Cohesion/overburden Joint Joint Joint net 

angle (ọ) stress (c/P,) Persistence Spacing/Radius (s/R) orientation 

10° 0.001 MPa 100% 0.25m 1* joint net: 40° 
20° 0.01 MPa 75% 0.5m 2"4 joint net: -50° 
30° 0.1 MPa 50% Im 3° joint net: -15° 
- - 25% - - 


The calibration of the simulation was performed for two analytical solutions. The first con- 
cerns the excavation behavior in elastic rock with a single set of joints (Deamen, 1990) to 
verify the behavior of the rock - discontinuity combination. The second verification was per- 
formed according to Kavvadas (2012) and concerns the convergence-confinement curve of 
continuous rock. 
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2.1 Numerical simulation of jointed rock mass 


Figure 1 presents the graphical comparison of the numerical solutions with Daemen’s solu- 
tion. Discontinuities that have exceeded their shear strength are marked in red. The displace- 
ments are marked with color map while the analytical solution for the areas where the 
discontinuities have slipped are marked with a blue line according to Equation 1. The calibra- 
tion with the analytical solution was carried out for three cases of discontinuity spacing: 
a. s=1, b. s=0.5, c. s=0.25. 


Figure 1. Calibration with analytical solution for three cases of discontinuity spacing: a. s=1, b. s=0.5, 
c. s=0.25. 


From Figure 1, it is observed that during the numerical analysis in all three cases, the slip 
zone depth is greater than that of the analytical solution. This deviation occurs at the discon- 
tinuity which is tangent to the perimeter of the cross-section. This difference between the solu- 
tions is as expected and is because of the distance of the discontinuities. 


2.2 Numerical modeling of deconfinement during excavation 


The simulation consists of 20 stages as presented in Table 3, where the deconfinement level is 
raised by 0.05. From the numerical solution, a displacement is calculated at the crown of the 
excavation for each stage, i.e., for each à that has been selected, then the Convergence- 
Confinement diagram is created. The determination of ecr is performed by calculating the per- 
centage difference in gradient between the points of the curve. The sensitivity of the measure- 
ment is defined as a difference of 5%. Figure 2 presents the numerical solution of a continuum 
simulation (without the effect of discontinuities). The Aer in this case is 0.8 (cause 1- Aer = 0.2, 
as seen in Figure 2). 


Table 3. simulation stage number for each deconfinement level 


Stage Num. 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 


1-A 1 0.95 0.9 0.85 0.8 0.75 0.7 0.65 0.6 0.55 0.5 0.45 0.4 0.35 0.3 0.25 0.2 0.15 0.1 0.05 


Figure 3 presents the correlation of the Convergence-Confinement curve of the analytical 
and numerical solution in the case of continuous rock. The two solutions give similar results 
with a difference of 0.02 in the determination of A,,. The analytical calculation of Aer is: 


wt (3) Ce) a 


Where: k = tan? (45 + 9/2), Ns = 2, po = YH, oom = 2cvk 
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Figure 2. Convergence-confinement diagram of a continuum simulation using numerical solution. 


In the elastic region where i < Acr, the displacements in the tunnel wall (ue) are given by 
relation 3 (Kavvadas, 2012), where: G = EDN v = Poisson ratio. 


Po 


Wel = ARSE, (3) 


In the plastic region where à > Acr, the displacements in the tunnel wall (up) are given by 


relation 4 (Kavvadas, 2012), where: 4 = (2 r) a EP: 


Po (k—1)N,+2 
uw=r(36) (k+1I)N, ’ 4) 


numerical solution 
analytical solution 


0 0.0001 0.0002 0.0003 0.0004 0.0005 0.0006 
Total Displacement u(m) 


Figure 3. Correlation of the convergence-confinement between numerical and analytical solution. 


3 PARAMETRIC ANALYSES 


To collect the appropriate data, 648 simulations were performed as seen in Table 4. The start- 
ing position (seed) refers to the position from which the production of the discontinuities by 
the simulation program begins and it is not directly included in the analysis, but together with 
the persistence parameter it gives the data randomness. During this paper the confinement 
degree is referred to as X’ where A’=1-A, so Vcr = 1 - Acr. 

From the parametric analyses results, the factor which governs the inclination change in the 
convergence-confinement curve is the discotinuity slip around the opening. In Figure 4 3 cases 
are presented with one, two and three perisistent joint sets, one simulation stage after that of 
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Table 4. Number of different values for each parameter. 


Parameter name Number of different values 


c/Po 

s/R 

Joint network 

P . 

persistence 

Starting position (seed) 
multiplication of different values = Set of simulations 64: 


oN WWW WwW 


Mer (as determined by the percentage difference in gradient at the critical point of the conver- 
gence-confinement curve). It was observed, especially in the case of low mechanical propeties 
values, that the discontinuity around the opening had already slipped at the first stage of 
simulation, but the displacements did not cause significant changes in the convergence- 
confinement curve. In fact, up to stage of M'er the sliding depth of the discontinuity does not 
seem to increase. However, immediately after the critical stage, a significant change in the slip 
zone depth for the discontinuities becomes obvious and failure occurs progressively until the 
final stage of deconfinement. 


Figure 4. One simulation stage after that of M'er with: a. one joint net, b. two joint nets, c. three joint 
nets, and fixed c=0.054, s=0.5, ọ=10. 


As expected, when the mechanical characteristics of the discontinuities are higher, the stage 
of occurrence of larger displacements moves to higher numbered stages where the confinement 
is greater. This is depicted in Figure 5 which shows the confinement - convergence curve for 
varying ọ in the case of three joints network. 
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Figure 5. Confinement - convergence curve for varying ọ in the case of three joints net with fixed 
c=0.054, s=0.5. 
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The sliding depth of the discontinuities increases with decreasing distance as shown in Figure 6. 
In the case of a dense distribution of discontinuities the failure is driven to a greater depth. 


s/R=0.5 K> 


S 


Figure 6. Final simulation stage (A’=0.1) in relation to s/R=0.25, 0.5, 1, under the influence of 3 joints net. 


In the case of non-persistence joints, as the persistence decreases, the simulation results tend 
to behave like that of the continuous medium. In Figure 7, the differentiation of the failure 
extension in the final simulation stage A'= 0.1 is observed, in terms of the degree of persistence. 
Figure 8 shows the confinement - convergence curve for varying persistence in the case of 
three joints network. 
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Figure 7. Final stage of simulation (A’=0.1) in relation to the degree of persistence with fixed c/Po=0.01, 
o=10, s=0.5 and three families of discontinuities, a. per=100%, b. per=75%, c. per=50%, d. per=25%. 
4 STATISTICAL ANALYSIS 


The large amount of data obtained from the numerical analysis enables statistical analysis. 
The data are grouped by parameter value and the results of variance analysis (ANOVA) are 
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Figure 8. Convergence-confinement curves for varying persistence in the case of three joints net with 
fixed c=0.054, s=0.5, p=10. 


shown in Table 5. It is observed that the parameter with the greatest statistical significance is 
the friction angle due to the greater F value calculated. Tables 6, 7 and 8 contain the descrip- 
tive statistics, ANOVA and Pearson correlation respectively, for the entire data set. According 
to the descriptive statistics table, the kurtosis is -1.06 which means that the distribution is not 
normal. ANOVA table confirms the statistical significance of ọ, persistence and cohesion due 
to the large values of F. This case is supported from Pearson correlation as well. Regression 
analysis is performed on all X’., data calculated during the parametric analysis. The regression 
equation created is: 


Ker = 0.5778 — 1.52197p, — 0.06985/R + 0.03462joint net — 0.014038% + 0.2982persistence 
(4) 


The equation offers a confidence level of R? = 0.63 so there is a moderate fit of the linear 
regression. The average deviation between the actual and the estimated value of the variable is 
s=0.124. 


5 DISCUSSION 


This research has led to the definition of an equation that yields an initial estimate of Aer for 
tunneling projects in strong rockmass containing one up to three joint sets. An example appli- 
cation of Equation 4 for the three selected cases of Table 9 was performed. Table 10 contains 
the results and a tendency to overestimate the deconfinement is noted for the cases of higher 
c/Po. Although the accuracy of the simulation steps is set at 0.05, this deviation does not come 
as a surprise due to the modest fit that a simple linear model provides for the data available. 

In future studies the orientation of the discontinuities relative to the intensive field should 
be considered, with expected results of better fitting the data during regression. Probabilistic 
analyses can also be performed considering the most important parameters as variables with 
a normal distribution and a standard deviation of 20% and neural networks may be applied 
for better determination of the governing equation. 
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Table 5. 


Variance analysis (ANOVA) for grouped data by parameter value. 


Group by persistence 


Per= 1 Per= 0.75 Per= 0.5 Per= 0.25 
Source Fyatue Prane Fyatue Pyatue Fyatue Pyatue Fyatue Pyatue 
c/Po 377.62 0 158.51 0 47.34 0 11.21 0.001 
s/R 3.08 0.081 10.1 0.002 18.65 0 26.7 0 
JointNet 3.62 0.059 4.79 0.03 28.63 0 6.03 0.015 
0) 1154.8 0 532.16 0 122.5 0 24.71 0 
Group by joint net Group by friction angle 
JN= 1 JN= 2 JN=3 o=10 @=20 o=30 
Source Fyatue Prae Fyatue Pyae Fyatue Pyatue Fyatue Pyatue Fyatue Pyatue Fyatue Pyaiue 
c/Po 32.61 0 71.47 0 122.68 0 68.7 0 100.21 0 94.85 0 
s/R 9.5 0.002 6.37 0.012 7.44 0.007 12.95 0 14.95 0 16.95 0 
(0) 105.54 0 240.02 0 305.74 0 20.4 0 11.12 0.001 3.23 0.074 
persist. 133.7 0 71.78 0 96.46 0 120.74 0 155.65 0 73.51 0 
Group by spacing 
s= 1 s= 0.5 s=0.25 c/Po=0.1 c/Po=0.01 c/Po=0.001 
Source Fyatue Pyatue Fyatue Pyatue Fyatue Pyae Fyatue Pyatue Fyatue Pyatue Fyatue Pyatue 
c/Po 53.74 0 53.55 0 103.78 0 5.22 0.023 10.48 0.001 7.63 0.006 
JointNet 10.28 0.002 15.76 0 5.5 0.02 6.31 0.008 8.51 0.004 27.54 0 
0) 149.71 0 175.99 0 272.14 0 183.21 0 189.65 0 234.63 0 
persist. 112.53 0 79.81 0 99.07 0 81.46 0 100.69 0 119.84 0 
Table 6. Descriptive statistics for the entire data set. 
SE Tr. St. 
Variable Mean Mean Mean Dev Variance minimum Ql median Q3 maximum range Skeweness kurtosis 
er 0.45 0.00797 0.44923 0.2 0.04 0.2 0.25 0.4 0.6 0.85 0.65 0.35 -1.06 
Table 7. ANOVA for entire data set. Table 8. Pearson correlation for 
entire data set. 
Term Coef SE Coef T-Value P-Value 
der 5% 
c/Po -1.521 0.109 -13.98 0.000 c/Po 0.335 
s/R -0.0698 0.0156 -4.48 0.000 SJR -0.109 
Joint net 0.03462 0.00593. 5.84 0.000 Idintriet 0.136 
© -0.01403 0.00059 -23.67 0.000 A -0.564 
persistence 0.2982 0.0173 17.20 0.000 persistence 0.407 


Table 9. Parameters of simulations. 


Simulation 1 


Simulation 2 Simulation 3 


c/Po 
s/R 
Number of Joint net 


(0 
Persistence 


0.054 
0.7 

1 

15° 
0.35 
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0.01 0.034 
1 0.75 
2 3 
25° 22° 
0.65 0.6 


Table 10. Deviation between the regression equation and numerical solution. 


Number of Acr — From regression A'r — From numerical Deviation between the values of 
simulation equation (A) solution (B) (A) and (B) (%) 
1 0.37 0.25 32 
0.4 0.45 11 
3 0.44 0.35 20 
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Curved diaphragm wall construction: A case study on the 
challenges faced 


K.P. Lim, K. Kaliaperumal, X. Zheng & Y. Zheng 
Land Transport Authority, Singapore 


ABSTRACT: Diaphragm walls are commonly constructed as part of the Earth Retaining 
Stabilising Structure (ERSS) for deep excavations involving basements, stations and other 
underground structures. This paper documents the challenges involved during the construc- 
tion of the curved diaphragm walls due to the varying soil stratigraphy at the Land Transport 
Authority’s (LTA) Contract 883 — Construction of Cantonment Mass Rapid Transit (MRT) 
Station for Circle Line 6 and analyses the impact of these challenges on quality control. The 
paper then proposes remedial actions to be taken before and during construction to overcome 
the challenges through improved planning, which could help to enhance quality and hence 
improve the construction productivity of curved diaphragm wall construction for future pro- 
jects in similar soil stratigraphy. 


1 INTRODUCTION 


The construction of Cantonment Station, one of three stations currently being con- 
structed for Circle Line Stage 6 (CCL6), is located about 50 m away from the existing 
former Tanjong Pagar Railway Station (TPRS) with its entrances situated near 
the 8-lane Keppel Viaducts and multiple residential apartments and buildings within 
a 50 m radius of the station. The construction of Cantonment Station enhances the 
efficiency and functionality of the existing Circle Line by providing greater land connect- 
ivity and faster journeys. 


2 DIAPHRAGM WALL SYSTEM 


2.1 Structural system 


The structural system employed at Cantonment Station consists of permanent curved 
diaphragm walls act as a temporary Earth Retaining Stabilising Structure (ERSS) 
during the construction stage. A curved diaphragm wall system utilises the confinement 
effect arising from hoop stresses within circular structures. The use of confinement 
increases the lateral earth pressure on the diaphragm, which allows for a higher 
load capacity. With the station being constructed within a built environment, a curved 
diaphragm wall system adds robustness through its overall confinement effect 
(Figure 1). 

The station was constructed using the top-down method, with five levels of slabs acting as 
permanent lateral props to the diaphragm walls to form an underground box structure. The 
roof and base slabs form the external hull of the station with internal load bearing walls and 
columns acting as the main structural components. 
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Figure 1. Layout of curved diaphragm wall at Cantonment Station. 


2.2 Geological conditions 


The soil stratigraphy encountered was mainly Jurong Formation, a sedimentary rock forma- 
tion local to the geology of Singapore. At isolated locations of the station, pockets of Kallang 
Formation deposits of estuarine clay (E), fluvial clay (F2) and fluvial sand (F1) were encoun- 
tered within the top 5 m soil layer. 


3 CONSTRUCTION METHODOLOGY 


Cantonment Station is encased by diaphragm walls that are approximately 450 m in length 
and 1200 mm thick. The excavation depth of the diaphragm walls ranged from 44.5 m to 
49 m. Based on the location’s soil geology, bentonite properties conforming to BS EN 
1538:2010 Al 2015 were employed during the construction works. Various quality test 
methods were introduced to ensure that the bentonite quality was maintained for the construc- 
tion of the diaphragm walls. 
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Figure 2. Typical excavation sequence for long curved panels (left) and Y panels (right). 


The curved diaphragm walls were constructed using panels of 3 to 6 m in length with over- 
cutting carried out in between the panel joints. The overcutting method involves trenching in 
multiple excavations/bites with overlaps at the ends of each panel to achieve its curved outline. 
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For Cantonment Station, the trenching process within a primary panel was carried out in 
three 2.8 m wide bites, commencing from the extreme ends and finishing with the middle bite. 
For the construction of the Y-panels, three 2.8 m wide bites were carried out as per the 
sequence in Figure 2. 

Desanding was then carried out on the respective panels upon completion of the trenching 
works. An inline desander removes sand and other particles from bentonite by means of the 
density difference and centrifugal force. The effective removal of these particles aids in the 
subsequent concreting process of the walls by enhancing the quality and strength of the casted 
structure. Koden tests were conducted to ensure the particles had been properly removed and 
to check the vertical alignment of the panels. Koden tests utilise the principle of ultrasonic 
waves travelling from the sensor to the walls of the trench and then reflecting back to the 
sensor using the bentonite slurry as a medium. The wave travelling time may vary with depth, 
so it can be interpreted to reflect the characteristics of the trench accordingly. 

The lateral earth pressure distribution varies between the Y panels, curved panels and 
straight panels as shown in Figure 3. These stresses act perpendicularly to the panel surface. 
Hence, a curved panel would experience a higher stress concentration at the Y panel joints in 
particular. To counter these stresses, a larger amount of reinforcement is required at the 
curved and Y panels as compared to the straight panels. Table 1 further elucidates the differ- 
ences in main reinforcement distribution and area of steel provided between the three panels 
in similar soil geology at the station (Figure 4). As shown in Figure 5, the bending moment 
envelope for a typical Y panel shows higher moments at these nodes. Therefore, a higher 
reinforcement density is required at these locations. 


Figure 3. Stress distribution differences between Y, curved and straight panels. 


BE 
NA 175mm(00) 
'UDOLE FLANGE 
IPE SLEEVE 
HP-47) 


N p49 
5 22 


Figure 4. Locations of P113 (Y panel), P115 (curved panel) and S118 (straight panel). 
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Polyfoam was provided at the coupler locations prior to rebar lowering to allow for ease of 
exposure during slab construction at the respective levels of the station. Grade 40 concrete 
was used for the casting works. Concreting was done via the tremie pipe method. Proper con- 
creting techniques are required to ensure the consistent setting of concrete at these panels. 

Instrumentation such as ground settlement markers, inclinometers, water standpipes and 
prisms were installed around the station footprint and the surrounding structures prior to the 
start of construction. These instruments allow the planning engineer to monitor trends and work 
closely with the team on site to ensure the diaphragm wall construction parameters are met. 


Bending moments M (scaled up 5.00° 107 times) 


Maximum value = 1625 kNm/m (Element 50 at Node 35786) 


Minimum value = -1403 kNmm (Element 18 at Node 4015) 


Figure 5. Bending moment envelope for diaphragm wall design. 


Table 1. Types of panels and their corresponding reinforcement distribution. 


Reinforcement 
Panel No Type of Panel Distribution As, pro (mm?) 


P113 Y Panel 9H40 45,200 
3H40 & 6H40 
6H40 & 3H40 
9H40 

P115 Curved Panel 19H40 28,930 
4H40 

S118 Straight Panel 18H40 25,110 
2H40 


4 CHALLENGES AND SOLUTIONS 


This section presents two case studies on the challenges faced during the construction of the 
curved diaphragm walls. It aims to share valuable lessons learnt in order to improve future 
projects in terms of safety, quality and productivity. 


4.1 Case study 1: Trench collapse 


During the construction of a 6 m primary panel, a trench collapse with a pothole was observed 
beside the guide wall (Figure 6). The collapse took place during the desanding process. 
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To address the immediate site safety concerns, a steel platform was erected on top of the 
existing guide wall to serve as a working platform. An additional bund wall 300 mm in height 
was added to raise the bentonite head pressure and stabilise the excavated trench as an interim 
measure. The collapsed soil was removed, and desanding works were resumed. 

However, a second collapse took place during desanding works. To mitigate the immediate 
risk to the area surrounding the excavated trench, grade 10 liquified soil stabilizer (LSS) was 
used to backfill the trench. As per the Koden test results taken during both instances, the col- 
lapse occurred in the top 20 m of the trench, where the soil strata mainly comprised fill mater- 
ial, Jurong Formation S(VI) residual soil and S(V) weathered rock layers. 

Upon closer investigation, it was observed that the rate of desanding was higher at this loca- 
tion. Moreover, the bentonite density was found to have decreased to 1.04 g/cm3 at the time 
of collapse, lower than that of other panels of similar dimensions. These factors could have 
caused the trench collapses to occur during and after the desanding process at this location. 
To mitigate this risk, the rate of desanding was kept below 50 m3/hr, and the bentonite density 
after desanding was maintained at 1.06 g/cm3 (minimum) for these panels. This was done to 
prevent a ‘shock’ or change in hydrostatic pressure between excavation and desanding that 
could give rise to another trench collapse. 

During the incident, the instrumentation readings within the effective zone were observed to 
be stable. This implied that the collapse was localised and there was no safety concern for the 
structures in the vicinity. 

The actual concrete volume cast was higher than the theoretical volume for this panel. 
This was due to concrete filling up the voids within the excavated face, which had been 
caused by the multiple trench collapses. Further evidence of this was found during a top- 
down excavation, when bulging concrete was observed on the diaphragm wall panel 
(Figure 7). 


Figure 6. Trench collapse during desanding works. 


Hence, the planning engineer should plan for the possibility of abnormal Koden checks, 
trench collapse history and a concrete record (actual concrete volume vs theoretical concrete 
volume) to consider the resources required to mitigate such challenges. Reducing the length of 
the remaining panels to 4 m yielded favourable outcomes in terms of construction duration 
and minimising the risk of trench collapse. 
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Concrete Volume (m?) 


Excavation Depth (m) 


Figure 7. Concrete curve record and observed bulging concrete. 


4.2 Case study 2: Managing construction quality 


During the excavation phase of the station project, small pockets of unsound concrete were 
observed at the Y-panel sections. These defects were attributed to several factors. 
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Figure 8. Pockets of trapped slurry at coupler location. 


The pockets of unsound concrete were found at the location of the couplers, where the 
reinforcement density was at its highest. The high reinforcement density affected the flow of 
concrete during casting. The resistance by the congested couplers caused concrete to flow 
through the path of least resistance within the diaphragm wall. This resulted in velocity losses, 
thereby inhibiting the proper setting of the concrete. The full coverage of the couplers by poly- 
foam further reduced the effective placement of the concrete. Evidence of this was discovered 
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during excavation, when trapped slurry was found at the coupler locations (Figure 8). One 
alternative was to cut the polyfoam into vertical strips to only cover the layers of couplers, 
thus allowing for better flowability of the concrete through the gaps. 

Improper flushing of bentonite during casting was another reason for these defects. During the 
concreting operation, the bentonite was simultaneously flushed out to allow for proper concrete 
placement. The high slurry detection at the head of the diaphragm wall made proper flushing 
a challenge during concreting, resulting in the early and inadequate termination of concreting 
works. To mitigate this challenge, the surrounding guide walls were raised by 300 mm to allow 
for better differentiation by the supervising personnel. This allowed for proper termination of the 
concreting works. The work process improved along with the site team’s learning curve. Figure 9 
shows the difference between improper and proper flushing methods as carried out on site. 

Localised soil collapses may also occur during rebar cage lowering and/or casting. The long 
exposure of excavated soil during these operations increases the risk of localised soil collapse. 
Moreover, fluctuating overburden pressures, such as machinery movement, during these oper- 
ations could cause localised soil collapse. Soil could get lodged onto the rebar cages, which 
could result in the improper mixing of concrete with soil, thereby creating such defects. 

The repairs to the diaphragm walls were carried out with reference to BS EN 1504. In-situ 
tests, such as rebound hammer tests and coring tests, were carried out to ensure that the struc- 
tural integrity of the diaphragm wall systems was maintained. The resulting tests proved that 
the constructed diaphragm wall system was structurally robust and safe. 


Figure 9. Difference between improper (left) and proper (right) flushing. 


5 CONCLUSION AND RECOMMENDATIONS 


The construction of the deep and curved diaphragm wall posed many challenges. In addition 
to the unique diaphragm wall profile and shape, the construction site was near several struc- 
tures. These challenges had practical implications which required agile, lean and innovative 
project management practices throughout the construction process. 

Several key factors contributed to the successful completion of the curved diaphragm wall 
construction: 


e The construction team was highly effective in analysing problems, improving their learning 
curve and implementing mitigation measures, such as revising the bentonite density and 
bentonite head to provide better trench stability based on actual ground conditions. 

e A systemic and proactive approach was taken with regards to risk management to address 
construction related issues, such as trench collapse, so that the safety of the works and sur- 
roundings were not compromised. 
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The deep curved diaphragm wall was successfully completed even under difficult ground con- 
ditions. No major disruption to public roads and utilities occurred, and the team achieved zero 
loss of ground during diaphragm wall construction. The construction of the ERSS was success- 
fully completed with the project team closely assessing all risks and managing the project. 
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ABSTRACT: The excavation of the Brenner Base Tunnel requires solutions to multiple 
challenges. This article explains the methods used to excavate the stretch of the exploratory 
tunnel running through the Periadriatic Seam, where the Eurasian and Adriatic tectonic plates 
collide. During excavation, constant monitoring of convergence and tensions within the 
installed lining and ongoing adjustment of the cavity consolidation measures were of funda- 
mental importance. This allowed us to create a stable balance between the highly tectonised 
rock mass and the in-stalled lining. 


1 INTRODUCTION 


Under the Brenner Pass, between Italy and Austria, construction is ongoing on what will 
be the longest underground railway link of its kind: the Brenner Base Tunnel. It will link 
the Austrian region of Tyrol with the region of Alto Adige in Italy, thus overcoming the 
natural barrier of the Alps and significantly reducing travel time both for freight and pas- 
senger traffic. The infrastructure is part of the European Scandinavian-Mediterranean 
TEN-T corridor and is considered a top priority in the European Union’s infrastructure 
planning. 

A peculiarity of the Brenner Base Tunnel is the part of the infrastructure known as the 
exploratory tunnel, which runs from one end to the other following the route of the main 
tunnels, about 12 m below them. This third tube is an exploratory tunnel, designed for 
geological and geotechnical prospection of the rock mass in stretches under excavation 
with both conventional tunnelling methods and with TBMs. 

The stretch through the Periadriatic Seam fault zone in Italy (Figure 1) was a significant 
technical challenge. The Periadriatic Seam is about 700 km long and is the most important 
fault system in the Alps. The excavation work on the exploratory tunnel in this fault zone was 
carried out between April 2012 to May 2014 with the purpose of gathering useful information 
on the rock mass and its behaviour, thus significantly reducing uncertainty and possible risks 
during the excavation of the main tunnels. 


2 GEOLOGICAL REMARKS 
The Periadriatic Seam is a series of tectonic dislocations which extend all along the Alpine 
range, separating two orogenic chains dipping in opposing directions. This fault zone has been 


active since the Jurassic era and goes by different names depending on the region: the Insubric 
Line, the Giudicarie Line, the Canavese Line and so forth. 
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Figure 1. The Brenner Base Tunnel system with the “Periadriatic seam” circled in red. 


In the area where the Brenner Base Tunnel is being excavated, the Periadriatic Seam is inter- 
posed between the Brixner Granite formation to the south, and the undifferentiated Austroal- 
pine polymetamorphic basement, to the north. An in-depth analysis of the geology of the area 
is best left to other papers, as continuous prospection is ongoing, but we would like to men- 
tion several considerations concerning the development of the project that are useful to under- 
stand the methods chosen. 

Two structural groups are located in the Periadriatic Seam area: the Pusteria valley fault 
zone to the south and the Sprechenstein/Mules valley fault group to the north, extending 
respectively 200 and 600 m. 


3 PROSPECTION AHEAD OF THE TUNNEL FACE 


As regards the geological and hydrogeological exploration carried out for the Brenner Base 
Tunnel, extensive surface geological surveys and numerous deep core borings were carried 
out, in part all the way down to the tunnel level. Geophysical, hydraulic and mechanical tests 
and tests for determining the stress state on site were carried out inside the boreholes. The 
overall analysis of the data made the preparation of a geological model and a hydrogeological 
forecast model possible, and these were then used to establish the geomechanical model. The 
overburden in the prospected area lies between 500 and 800 m and in spite of the most 
advanced geo-prospecting techniques, there is still a degree of uncertainty; in order to over- 
come this, the design for the Brenner Base Tunnel includes the excavation of an exploratory 
tunnel for prospection which can provide information in time to optimise the subsequent exca- 
vation of the main tunnel tubes. In general, besides the information from the planning phase, 
the construction companies have always been able to count on a significant volume of data 
from the systematic borehole prospection executed in advance from the excavation face of the 
exploratory tunnel, which preceded the excavation of the main tubes by at least a kilometre. 
This approach, as mentioned above, provided significant data for the management of geo- 
logical risk while excavating the main tunnels (Marini and Venditti, 2019). 

Prospecting during excavation was initially carried out with core sampling, with core 
lengths up to 350 m, carried out from lateral niches set up in the tunnel (Figure 2). 
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Figure 2. Boring with preventers ahead of the tunnel face. 


For hydraulic risk management, a mechanic preventer was used, sized to counteract pres- 
sures up to 100 bar; no significant water inflows were recorded, but with pressures up to 
almost 50 bar. During the works, test types were chosen that have less impact on the general 
work on the building sites. This meant that instead of core sampling, non-coring DTH bore- 
holes were sunk. Core sampling provided more complete information, as tests and analyses 
could be run on the samples, but they involved operational difficulties and had an unfortunate 
effect on timing. 


4 GATHERING DATA 


The data clearly show that the rock mass featuring the above mentioned cachyrites, catacla- 
sites amd tonalitic mylonites is significantly less resistant as compared to intact rock mass 
(like granite and tonalite), leading to more deformation with subsequent ample plasticisation 
around the cavity itself. Furthermore, intensely fractured rock was found in stretches along 
the route, due to tectonic activity. 

The project tender described a significant stretch with a rock mass resistance/geostatic stress 
ratio (O¢/po) lower than 0.2 and with cavity deformations significantly higher than 3% of the 
excavation radius. This led to rock face instability and incipient plasticisation of the rock 
mass (Bellini et al., 2015). Shortly before excavation began in the fault zone, a horizontal bore- 
hole 330 m long was drilled. The data recorded (DAC test) and the information obtained 
from a series of mechanical laboratory tests led to an adjustment in the classification of the 
rock mass. 


5 ADAPTED CONSTRUCTION TECHNIQUES 
Parametrisation had shown the need to include significant rock face consolidation (Figure 3) 


which in some cases would still not succeed in reducing convergence at the rock face to accept- 
able levels (3% of the excavation radius). 
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Figure 3. Excavation front in the fault zone. 


In these circumstances, the confining pressure required to guarantee the balance of the 
cavity with the convergence, even with the surrounding consolidation measures, was so 
high that the use of a rigid lining was not considered advisable. For this reason, we opted 
for a controlled deformation of the cavity, to be modulated based on the maximum 
expected deformation. In the actual execution phase, the observational method combined 
with careful monitoring identified strongly asymmetric behaviour with significant deform- 
ations along the tunnel axis and somewhat lesser deformations along the radial (Marini 
et al., 2019). These conditions finally led to the choice of a rigid lining to consolidate the 
cavity, combined with the rock face consolidation that limited the deformations along the 
tunnel axis to an acceptable level, with a subsequent application of the excavation section 
seen in Figure 4. 


LONGITUDINAL PROFILE SECTION 


WITH THE SEQUENTIAL INSTALLATION OF THE STRUCTURAL ELEMENTS WITH RADIAL ANCORS AND TUNNEL FACE CONSOLIDATION 


STROKE LENGTH 
L=1.50e 


Figure 4. Excavation cross-section using a rigid lining. 
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Legend: 1. Fibre-reinforced shotcrete, 2. Structural shotcrete, 3. R38N self-drilling bars, 6m 
in length, 4. Ground-consolidation around the cavity: R51N self-drilling bars, 9m in length, 5. 
Consolidation of the Front: R38N self-drilling bars, 12m in length, 6. 2TPE180 metal ribs, 7. 
Additional shotcrete lining with electro-welded mesh, 8. Reinforced shotcrete inverted arch 

During the works, in-depth monitoring was performed with extensometers at the front, con- 
vergence measurements, strain gauge and load cells mounted on the ribs, bolts and radial 
multi-base extensometers. Back-analyses were carried out based on the rock mass behaviour 
recorded, and the calculation model was updated. 


6 FROM DATA TO CHOSEN METHODS 


Daily interpretation of the data by a technical group including representatives of the contract- 
ing authority, the contractor, the designer and the safety coordinator made it possible to 
decide in real time on how to proceed with the excavation, based on the updates in the geo- 
logical and geotechnical data from the field, the monitoring data (Figure 5) and the lab test 
results. 


ALARMATION LINE 


DISPLACEMENT [mm] 


PK 


LENGHT [m] 


Figure 5. Rock face extrusion with deformations recorded up to 100mm. 


The monitoring data showed highly asymmetric behaviour with significant deformation 
in the direction of the tunnel and far less in a radial direction. The interpretation of 
these data led to a further adjustment of the excavation cross-section, maintaining the 
significant consolidation of the rock face but using, as well, a rigid “first-phase” lining; 
this cross-section proved to be entirely efficient and perfectly adapted to the actual state 
of tension and deformation of the rock mass. The interpretation of the data allowed us 
to anticipate possible states of instability during the excavation and to react in real time 
to the requirements of the construction work, both in terms of safety and of driving the 
excavation forward. The fault zone proved to be almost 300 m longer than originally 
predicted (800m in actuality, rather than the 500m that had been predicted) and led to 
the TBM assembly chamber being shifted northwards. Another non-negligible aspect was 
the increase in stress on the exploratory tunnel lining due to the excavation of the main 
tunnels; systematic increases of around 30% were measured in the core zone of the fault 
stretches in this construction lot. The cross-connecting bypasses run above the explora- 
tory tunnel, with about 6 m between the two cavities even in this fault zone, and the 
excavation of bypass 47/1 caused cracking and spalling in the shotcrete along the under- 
lying part of the exploratory tunnel. This required repair and strengthening work which 
was carried out using close-set steel ribs, radial anchor bolt and welded mesh mats. This 
was further proof that cavities interact in three dimensions, requiring careful monitoring 
not only during the execution phase but also to verify the effect of close-set cavities on 
works that have already been completed. 
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7 CONCLUSIONS 


The observational approach based on constant monitoring of both the rock mass and the ten- 
sions within the installed lining well supported the methods chosen by BBT SE in terms of risk 
assessment. 
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ABSTRACT: The C2 Contract of HS2 covers the route from North Portal of Chiltern Tun- 
nels to Brackley and passes through the ancient woodland Sheephouse Wood. This site of spe- 
cial scientific interest includes large colonies of the rare and protected Bechstein’s bat. Design 
aspects of UK’s largest-ever porous-tunnel structure (~900m long) to protect the bats from 
high-speed trains running at 360km/h, the Sheephouse-Wood-Bat-Mitigation-Structure, is 
presented. Designed to comply with very strict but often conflicting requirements imposed by 
the licensing and planning authorities, the porous-tunnel structure comprises a series of large 
prefabricated concrete arch profiles to span over the HS2 and East-West-Rail conventional 
railway tracks (23m span & 11m height), placed at distances to form large apertures for nat- 
ural ventilation of smoke during fire event. To protect the superstructure from train derailment, 
in situ concrete supports are integrated with a combined emergency walkway and robust kerbs. 
Mesh infill FRP panels are proposed in the formed openings for smoke dissipation and to pre- 
vent bats for entering the tunnel. Aerodynamic analyses are carried out to assess the impact of 
trains’ turbulent air speed on bats’ flight paths and detailed fire analysis to determine tunnel’s 
structural adequacy. The results confirmed a viable and innovative solution. 


1 INTRODUCTION 


1.1 Background 


Even before HS2 starts operating, there are countless environmental projects and innovations 
occurring up and down the route to protect the UK’s natural environment. The C2 Contract 
covers the route from the North Portal of the Chiltern Tunnels to Brackley and passes through 
an area known as Bernwood Forest. Sheephouse Wood, a Site of Special Scientific Interest, is 
one of a few ancient woodland parcels which are the remnants of this forest. 

All bat species in the UK are legally protected under Schedule 2 of the Conservation of Habi- 
tats and Species Regulations 2017 and Schedule 5 of the Wildlife and Countryside Act 1981 (as 
amended) and EU law: Council Directive 92/43/EEC1 on the conservation of natural habitats 
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and of wild fauna and flora. The Bernwood Forest area has been identified for its important 
woodland bat assemblage, which includes three large colonies of Bechstein’s bat (Myotis bech- 
steinii). Bechstein’s bat is one of the UK’s rarest species. 

The requirement for a Bat Mitigation Structure through the Sheephouse Wood has been 
predicated on the basis that small populations of bats including the rare Bechstein’s bat 
(Myotis bechsteinii) are vulnerable to extinction. To avoid contravening legislation (UK legis- 
lation and EU directive), a licence is required from Natural England to construct the proposed 
High Speed 2 (HS2) railway, since Natural England is the licensing authority under the Con- 
servation of Habitats and Species Regulations 2017. 

The proposed route of HS2 is located adjacent to the western side of Sheephouse Wood 
(refer to Figure 1) 9 miles north west of Aylesbury, where it follows the present Aylesbury link 
railway. HS2 will run generally parallel and to the west of the UK’s Network Rail (NR) East- 
West Rail railway line. An authorised landfill site is located immediately to the west. The 
Aylesbury link railway line will be modernised as part of a regional rail upgrade scheme com- 
prising an additional track and overhead line electrification. 


Figure 1. 3D render (view from North-West) of Sheephouse Wood Bat Mitigation Structure (SWBMS). 
The ancient woodland is shown adjacent to the SWBMS (east side) with the landfill at the west side. 


The SWBMS is a new 23m span, 900m long, porous tunnel arch structure at ground level 
with a backfilled part at the north portal (refer to Figure 1), covering both the HS2 and NR 
alignment alongside Sheephouse Wood. Here, HS2 crosses important bat flight lines and runs 
alongside bat flight paths and foraging areas located within the existing rail corridor. The 
structure has been proposed to mitigate the risk of bat mortality through the operation of 
HS2 and upgraded NR tracks. The design line speeds for HS2 and NR through the structure 
are 360km/h and 145km/h respectively. 


1.2 Limitations and challenges 


For a solution to be proven viable in respect of the law and the natural environment, the spatial 
geometry of the structure must minimise as far as practicable effects on bats in areas where turbu- 
lent air speeds close to the outside the structure exceed 5m/s when trains pass (ASC JV, 2021a). 

Dissipation of air speeds and natural ventilation of the structure is provided through 
meshed apertures (FRP- Fibre Reinforced Polymer) in the structure which will also be 
required to prevent bat entry and be effective enough to maintain tenable conditions along the 
evacuation walkways within the porous tunnel in case of a train fire scenario, without the 
need for mechanical ventilation (ASC JV, 2021a). 

Space is required on both sides of the structure for construction, routine inspection, main- 
tenance, replacement of components, emergency access. It is not permitted to diverge from the 
boundaries of the land acquired by HS2, resulting in a particularly narrow corridor; therefore, 


727 


a structure of sufficient width has been developed while accommodating both high-speed and 
conventional railway lines. 

The north end of the SWBMS is the portal (overpass SCL13) of the porous tunnel and is 
a more traditional buried concrete arch green overpass. The backfilled portal serves as an 
overpass for the adjacent cycle/foot path, as well as a main crossing point for the bats (refer to 
Figure 3). The west side of this embankment is to be founded on top of the landfill site, intro- 
ducing significant challenges in the design of the portal. Towards the south, the SWBMS 
spans across two structures perpendicular to the railway - a large, 4.0m wide culvert designed 
also as a second bat crossing and a pedestrian underpass. This large-scale infrastructure is 
designed to be integrated to the current landscape and to the matured landscape as the restor- 
ation of the landfill site will progress with time (refer to Figure 9). 


2 ECOLOGY 


2.1 Background 


While the mitigation structure protects the bats from colliding with the passing trains, the linear 
alignment and the height of the structure may decrease the bats ‘crossability’ over the structure 
and thus may increase the risk of fragmentation. To mitigate such risk two additional bat cross- 
ings are proposed along the structure to encourage the bats to fly above (refer to Figure 2). 


Bat Interface — Bat Crossifigs 


Bat Crossings: enhances bat 


Figure 2. General 3D view of porous tunnel with the bat crossing points. 


The additional crossings consist of precast concrete arches (1.65 m length) placed next to 
each other to form a closed section of 33 m total length, as presented in the detail of Figure 2. 
The solid crossings are located at the valleys which are formed by the artificial landscape 
bunds along the porous tunnel (ASC JV, 2021d). Trees will be planted at the valleys to secure 
the bats flight paths above the porous tunnel. 


3 SUPERSTRUCTURE DESIGN 


3.1 Space proofing and derailment 


The SWBMS is a unique long structure, in that it is neither a buried tunnel nor a bridge. There are 
no design standards that specifically apply. Spatial requirements for the structure are driven by 
structure gauge, rail systems space proofing, maintenance and emergency access, aerodynamic 
effects on bats and fire and smoke. HS2’s cut-and-cover tunnel kinematic train gauge envelop 
coupled with limited available space has necessitated use of dual-purpose maintenance and escape 
walkways. Furthermore, since geometrically, the structure houses two train tracks per notional 
bore, (four in total) to protect the superstructure from rail impact forces the walkways are integrated 
also with robust derailment kerbs. Refer to the typical cross section in Figure 3 (ASC JV, 2021d). 
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3.2 Structural design 


The superstructure is to comprise primarily of 1.65m wide precast concrete Bebo arches. The 
Bebo Arch System, (developed by BEBO Arch International AG) is a standardised patented 
pre-engineered precast concrete arch system intended for use in the construction of earth over- 
filled bridges, tunnels, culverts and other underground structures. Arches are to be positioned 
3.3m between each other (refer to Figure 4). In this case, the arch has been adapted for use as 
a free-standing arch structure. With no structural connection at its crown, the arches global lon- 
gitudinal stability resistance to seismic, wind, aerodynamic train suction and overhead railway 
electrification systems is provided by interlacing the spaces between each arch with 1.68m high 
intermediate precast concrete walls panels. By means of an in-situ site cast concrete stitch, the 
panels will be integrally connected with the arch. Feature bevels with 1:2 longitudinal slope will 
provide longitudinal stability buttressing at the north and south portals of the structure. 


Typical Cross Section 


Figure 3. Typical cross-section of SWBMS. 


Figure 4. 3D view of SWBMS superstructure consisted of precast concrete Bebo Arches of 
1.65 m length placed in distances of 3.3 m. The dark FRP panels of 3.3 m length are also visible, as well 
as part of the bat crossing with the arches placed next to each other. 


3.3 Mesh panel system 


For the naturally ventilating open areas between arches, an interlocking ridgid fibre reinforced 
polymer (FRP) custom pultruded mesh panel system has been developed based on providing 
adequate percentage porosity for air/smoke dissipation, ease of installation, electrical inertness 
and long service life (33% design strength reduction allowance for 120-year life). Refer to 
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Figure 5. In conjunction with Asset International Structures and Creative Pultrusions Inc. two 
mesh options with different free area porosities of 60% and 75% were developed for consideration. 
The resins proposed would be low smoke toxicity at a slow rate thus not creating flaming droplets 
as thermoplastics would produce where the resins burn away leaving polymer fibres behind. 


Figure 5. FRP mesh panel 60% porosity. 


3.4 Fire & smoke analysis 


Fire and smoke studies were performed, using Computation Fluid Dynamic (CFD) analysis 
to predict and verify tenability conditions along the evacuation routes inside the structure in 
the event of fire, without mechanical ventilation system. The analysis predicted tenable condi- 
tions along the evacuation walkway under both longitudinal and crosswind conditions. The 
CFD analysis concluded that the proposed porous tunnel will be adequate to manage the ven- 
tilation-related hazards associated with the environment in the event of a fire, if the porosity 
of the mesh panels is at least 60%. 

Apart from the CFD analysis required to investigate the evacuation conditions during the 
train fire event, additional detailed fire analysis with CFD simulations is also performed to 
evaluate the temperature exposure of the precast concrete superstructure elements (ASC JV, 
2021b). In the simulations, two different fire sizes were investigated, 45 MW fire (one carriage 
on fire) and 135 MW fire (three carriages on fire) for the two mesh porosity levels of 60% and 
75%. All simulations were performed with an intact train carriage roof for the fire duration. 
In general, the porosity of the mesh influences the wind distribution inside the structure. How- 
ever, it was found that the different porosity levels investigated, did not make a significant dif- 
ference on the wind distribution within the structure. The analysis shows that structure 
elements closest to the train carriages on fire are exposed to the highest adiabatic surface tem- 
peratures, as expected, to a maximum of 1285 °C, but only for a short period of time (approxi- 
mately two seconds). The highest average adiabatic surface temperature of the structure was 
found to be 1055 °C (30 second average) and is used for structural fire design verification. 

Fire resistance was based on the hypothesis that concrete at a temperature more than 500°C 
is neglected in the calculation of load-bearing capacity, while concrete at a temperature below 
500°C is assumed to retain its full strength. A corresponding 120-minute temperature profile 
for a concrete cross-section from BS EN 1992-1-2 is used to determine the reduced section for 
load bearing capacity checks. Spalling of concrete can be critical for the fire resistance of the 
structure. Steep and high maximum temperature values for this structure are expected, and 
therefore it is recommended to add polypropylene fibers (PP fibers) into concrete mixture to 
resist fire-induced concrete spalling. 


3.5 Aerodynamics — impact on bats 


To understand the air speed propagation outside of the structure due to running high speed 
trains and compare it with the threshold of 5m/s, the air flow was assessed with CFD analysis 
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using Starccm+ computer software (ASC JV, 2021c). The simulations are time varying and 
three-dimensional solutions of the Navier-Stokes equations where an unsteady Reynolds- 
averaged Navier Stokes (RANS) turbulence K-epsilon turbulence model is utilised. Three simu- 
lations were run: simulation 1 for one HS2 (360km/h) train closest to the outer wall of the struc- 
ture, simulation 2 for two HS2 trains running in opposite directions and simulation 3 as a worst 
case scenario, with two HS2 trains running in opposite directions and two NR (145km/h) trains 
running in opposite directions all meeting just outside the wide solid bat crossing. 

For one HS2 train the maximum distance, outside of the porous tunnel, to where the air speed 
falls below the threshold of 5 m/s is 1 m, as shown in Figure 6 (blue area < 5m/s), while for the two 
HS2 trains the extent where air speeds exceed 5 m/s reaches 1.2m from the structure. For simulation 
3 with four trains converging just at the end of the solid bat crossing, the zone outside the structure 
where air speeds exceed 5 m/s is seen to extend all around the structure and out to a distance of 
2.6m, with a maximum air velocity of 18 m/s for less than 0.1 seconds (refer to Figure 6). At the 
same time within the bat crossing, the air flow cannot escape directly to the outside. For the porous 
extents of the structure where at 1-1.2m extents around the structure air speeds exceed 5m/s, the 
analysis indicated negligible effects on bats given that pressure drop is less than 1.0 kPa for both 
suction and pressure cases even at close proximity with the train and markedly less at the surface of 
the structure; this being much lower than the lethality threshold for rats (no information for bats 
exists) of 5.75kPa referred to in Lawson et al., 2018 and Houck, 2012. Even for the worst-case scen- 
ario with the four trains, the maximum pressure drop is less than 1.5 kPa. 


H r. — ad baat 


Figure 6. Aerodynamic simulations 1 (left) and 3 (right), results. 


While along the porous tunnel the air speed velocities will have negligible effect on bats, the 
adaptation of the additional solid crossing points secures a safe passage and eliminates any 
residual risk due to four trains passing simultaneously. 


4 GEOTECHNICAL 


4.1 Ground conditions & site testing 


The site is underlain by a shallow thickness of Made Ground and Alluvium, overlying Oxford 
Clay to around 30 m, underlain by the Kellaways Formation and the Cornbrash Formation. 
Groundwater is relatively shallow, but the Oxford Clay is an unproductive stratum (ASC JV, 
2021d). The Made Ground is associated with the existing NR corridor. The Alluvium is related 
to water courses crossing the route which have since been culverted beneath the existing railway. 
It is typically described as a firm slightly sandy Clay. The Jurassic Oxford Clay shows 
a weathering profile grading from firm clay near surface to extremely weak mudstone with 
depth. Historically, the adjacent landfill site was a clay pit — part of the Calvert Brickworks. 
Existing drawings for the landfill and LiDAR data show that the sides of the pit were terraced 
and excavated at an angle of up to 45°. The clay pit is being lined with an impermeable clay 
liner as it is backfilled. At its closest, the crest of the landfill slope is approximately 15m from 
the outer face of the bat mitigation structure (porous tunnel). The main geotechnical risks to the 
scheme are: the soft superficial deposits and Made Ground; the sulphate bearing Oxford Clay; 
high lateral loading from collision loads and the adjacent landfill slopes. 
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4.2 North portal (overpass SCL13) 


A particular technical challenge to the design of the structure has been overbridge SCL13 
(ASC JV, 2021d). As can be seen in Figure 7, the C&C north portal is formed by an extension 
of the (closed) pre-cast segmental arches, which are then buried within an embankment. The 
embankment carries a footpath across the HS2 route and provides a crossing point for bats 
(Figure 2). There is limited space between the arch structure and the landfill on the western 
side of the structure, which coupled with the required gradients for the footpath results in 
a section of the embankment being founded on the landfill (see Figure 7, section A-A). 


SCL13— Geotechnical Challenges 


Figure 7. SWBMS layout with details for North Portal (SCL13). 


The landfill is both extremely soft and is expected to biodegrade significantly following its 
initial placement. The embankment overlying the landfill will therefore experience consider- 
able deformation during its lifetime. This would be unacceptable for the stability of the arch 
as it would create substantial asymmetrical loading across the structure. Options were con- 
sidered to remove the portion of the embankment overlying the landfill; however, the require- 
ments of the scheme could not be met within the constraints of the site. The design is 
elaborated based on the solution that the embankment, adjacent to the both sides of the arch, 
would be constructed at a steep angle using reinforced granular fill (red marked in section 
A-A in Figure 7). The remainder of the western and eastern embankments would then be con- 
structed using site won reworked clay at a shallower angle. This would decouple the two sec- 
tions of embankment and ensure that the loading profile on the arch remains relatively 
symmetrical, even in the case of failure of the embankment overlying the fill. The embankment 
overlying the landfill will require maintenance during its lifetime the details of which are been 
developed to ensure a sustainable solution for the scheme. 

Finite element analysis using 2D Plaxis was undertaken to in the design to fully investigate 
the interaction between the arch structure, embankment, and landfill (ASC JV 2022). The ana- 
lysis showed, the weight of the structure and overlying reinforced embankment caused 
a failure within the ground due to the lack of confinement provided by the compressible land- 
fill; a wedge of soil beneath the structure and embankment rotated towards the landfill (sec- 
tion A-A). Various solutions were considered to arrest the development of the failure 
mechanism, with a grid of deep piles finally being selected both to transfer the vertical loads 
to depth and to provide additional horizontal confinement. 

Plaxis analysis has been used to check the impact of the landfill degradation to the 
reinforced embankment and to supplement the structural analysis of the arch through review 
of the predicted vertical horizontal deflections and forces within the arch. Completion of the 
landfill degradation and consolidation indicates minimum impact on the reinforced embank- 
ment (see Figure 8). 
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Figure 8. Left - 2D Plaxis section through north portal (SCL13). The light cyan areas at left hand side 
(west) represents the clay liner and the capping and the dark green area the waste material within the 
landfill site. Part of the embankment overlying the landfill is with light brown color. With orange color 
the steep reinforced embankment founded on top of piles is presented. Right - Displacements pattern 
after completion of landfill degradation and consolidation. 


5 CONCLUSION 


A porous tunnel for protecting the very rare bats species of Sheephouse Wood from colliding 
with the high-speed trains running along the new HS2 railway in UK, is presented in the cur- 
rent study. The porous tunnel, comprised of a series of prefabricated concrete Bebo arch pro- 
files and large FRP infill panels, proved to be a well-engineered solution. FRP panels provides 
natural ventilation during a fire event without the need for mechanical ventilation, while the 
Bebo arches are designed to cope with the high temperatures. Aerodynamic analysis has been 
performed to calculate the wind gusts and pressure drop from the high-speed trains running 
inside the porous tunnel. The analysis showed that the resulted turbulence will have an overall 
negligible impact on all bat species. The entire porous tunnel structure adjacent to the landfill 
site, is founded on Oxford Clay (OXC) and on improved soil material. For the backfilled 
north portal of the porous tunnel a reinforced embankment is proposed, founded on grid of 
deep piles, to secure the stability of the existing landfill site. 


Figure 9. 3D rendered depiction of SWBMS as the landscape matures. 
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ABSTRACT: We propose a simple three-dimensional (3D) structural-analysis model for steel 
segment joints in shield tunnels. Certain types of shield tunnels comprise a primary lining of 
steel segments and a secondary lining of unreinforced concrete. The 3D finite element method 
(FEM) is promising as a structural-analysis method that considers the secondary lining. How- 
ever, there are few examples of 3D FEM analysis applied to such steel segments, and its accur- 
acy has not been thoroughly evaluated. In this paper, as a preliminary step toward establishing 
an accurate comprehensive analysis method that considers the secondary lining, we propose 
a structural-analysis model comprising only of steel segments. The aim of this model is to repro- 
duce the behavior of segment joints by adopting a structure in which the joint plates are con- 
nected using bolts. We demonstrate that the proposed model accurately reproduces joint 
bending test results over the range of acting moments that are normally considered. 


1 INTRODUCTION 


1.1 Background 


The sustainability of urban functions has been attracting attention recently, such as UN Gen- 
eral Assembly (2015). The demand is increasing for maintenance technology for shield tunnels 
that are used for communications, railways, and water services. 

There are several types of lining structures for shield tunnels, e.g. reinforced concrete (RC) 
segments, steel segments and composite segments. Among these, steel segment tunnels have 
a secondary lining for waterproofing and the installation of internal facilities. This secondary 
lining makes direct visual inspection of the steel segments excessively difficult. To confirm the 
deterioration of a steel segment (primary lining), it is necessary to conduct an inspection that 
involves destorying the secondary lining such as removing the concrete core. In terms of cost 
and safety however, this approach is not realistic in existing tunnels. 

To address this problem, it is necessary to develop a technology to estimate the deterior- 
ation of steel segments on the basis of visible cracks in the secondary lining. Figure 1 shows 
a steel segment shield tunnel with a secondary lining. The secondary lining is constructed after 
the deformation of the primary lining is stabilized against the soil and water pressure. So no 
initial stress is generated on the secondary lining due to these factors. However, over time 
when the tunnel deforms due to advancement of corrosion of the steel segments, the secondary 
lining begins to experience stress due to soil and water pressure. Therefore, it is conceivable to 
use structural analysis to estimate the degree of corrosion of the steel segments beset on the 
(visible) cracks in the secondary concrete lining resulting from the corrosion. This is expected 
to address the problem of direct visual inspection of the primary lining and the difficultly in 
evaluating the remaining physical strength of the tunnel. 
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Steel segment 3 
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(Secondary lining) 


Figure 1. Cracking of concrete due to corrosion of steel segment shield tunnel. Figure on left indicates 
state at time of construction and figure on right shows state of deterioration after construction. 
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Figure 2. Concept of beam spring calculation Figure 3. Steel segment. 
method for shield tunnel lining. 


For the aforementioned reasons, a structural analysis method that can evaluate the stress 
state of the secondary lining is required. However, in the case of shield tunnels, it was not 
necessary to consider the structural performance of the secondary lining against soil and 
water pressure in the design, so a structural analysis method that sufficiently considers the sec- 
ondary lining has yet to be developed. 

In previous studies, the beam spring calculation method has been used for the structural 
analysis of shield tunnels, such as in Murakami & Koizumi (1978) and Murakami & Koizumi 
(1980). Regarding the contribution of the secondary lining to structural performance, Mura- 
kami & Koizumi (1987) and Murakami & Koizumi (1991) proposed an evaluation method 
using the beam spring calculation method when the inner surface of the primary lining is 
smooth, such as in RC segments. Sudo et al. (2014) evaluated the contribution of the second- 
ary lining to the structural performance of the steel segment tunnel using the beam spring cal- 
culation method. However, among the sectional forces of the secondary lining, there was 
a particular problem in reproducing the axial force. 

The considered reason for this is described hereafter. Figure 2 shows the concept of tunnel 
modeling in the beam spring calculation method. The primary and secondary linings are mod- 
eled by beams, and the springs between the linings are used to connect them. The force transmis- 
sion between the primary and secondary linings is modeled by springs between them. However, 
as shown in Figure 3, the steel segments are gridded by main girders, longitudinal ribs and joint 
plates. It is thought that the intrusion of concrete into this lattice part causes a complex inter- 
action between the steel segments and the concrete. Therefore, there is a problem in reproducing 
this interaction due to the springs between linings, which deteriorates the calculation accuracy. 

The three-dimensional finite element method (3D FEM) is promising as a structural ana- 
lysis method considering the secondary lining. It is thought that the 3D FEM, which has few 
modeling restrictions, addresses the aforementioned problem. There are a number of examples 
of RC segment shield tunnels using 3D FEM evaluation, for example Chen & Mo (2009), 
Chaipanna & Jongpradist (2019), and Wang et al. (2020). However, there are few examples of 
3D FEM analysis of steel segments in shield tunnels, and it is not clear how much the model 
can be simplified to ensure the required accuracy. 

Therefore, in this paper, we consider a simple 3D steel segment model. Structural analysis 
of a shield tunnel has a transverse direction and longitudinal direction. We especially focus on 
the transverse direction, which is related to the resistance to soil and water pressure. Here, it is 
important to reproduce accurately the behavior of the segment joint, which is the cross- 
sectional change point. The purpose of this paper is to construct a simple 3D model that can 
reproduce the behavior of segment joints. 
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1.2 Content 


This paper is organized as follows. Section 2 describes the proposed 3D analysis model. In 
Section 3, we describe model experiments for comparison. Section 4 compares the results of 
numerical calculations and model experiments, and discusses the practicality of the proposed 
3D analysis model. Section 5 presents a summary and future issues. 


2 PROPOSED 3D ANALYSIS MODEL 


To construct a simple 3D model with a low computational load, we modeled each member of 
the steel segment such as the main girder, skin plate, longitudinal rib, and joint plate using 
shell elements. Here, the segment joint has a structure in which the plates are connected using 
bolts. We review previous research on 3D FEM modeling of this structure type and consider 
the modeling elements necessary for steel segment joints. 


2.1 Previous research on structure connecting plates using bolts 


We consider the model by Izumi et al. (2005) as an example of the most detailed model of 
a structure in which plates are bolted, such as a segment joint, there is an example by Izumi 
et al. (2005), in which all 3D structures such as bolt threads. They were able to reproduce the 
loosening phenomenon of the nut when repeated loads were applied perpendicular to the bolt 
axis. However, since the FEM model includes fine parts such as screw threads, the modeling 
and calculation costs are high, and the applicability to large-scale structural calculations is low. 

A shield tunnel is installed in the ground and is mainly affected by dead loads. The effect of 
cyclic loading is small, and it is considered unnecessary to model the screw threads. By focus- 
ing on the elements necessary for reproducing the behavior, it is possible to construct a model 
that keeps the cost of calculations low. In accordance with this approach, the elements of the 
bolted structure necessary for modeling the joint plate of the steel segment are aggregated 
such as those listed in Table 1 where the study by Izumi et al. (2005) corresponds to Table Id. 

The necessity of Table la is clear, and it is considered that stiffness in the bolt axis and shear 
direction is necessary to express the behavior of the joint plates separating each other against 
the applied force. In addition, Tanaka et al. (1981) and Tanaka et al. (1992) consider that 
Table 1b is necessary on the basis of the structural analysis of bolted joints. They reported that 
the experimental results could be reproduced considering the effect of the plate itself being com- 
pressed by the initial tightening force of the bolt. Table Ic is the effect that Murakami & Koi- 
zumi (1980) referred to as the “lever reaction force.” When plates are joined using two or more 
bolts, this corresponds to the contact force generated by the deformation of each plate. 


Table 1. Elements of bolted structure required for modeling joint plates of steel segments. 


Modeling point Necessity 
(a) Consideration of stiffness of bolted joints Yes 
(b) Introduction of compressive force to the joint plate by initial tightening Yes 
(c) Reproduction of the contact between joint plates Yes 
(d) Loosening due to repeated loading No 


2.2 Proposed joint model 

Based on Section 2.1, Table la, b, and c are modeled as described below. 

2.2.1 (a) Consideration of stiffness of bolted joints 

The axial and shear stiffnesses of the bolts connecting the joint plates are modeled using 


springs, and the spring constant is calculated in accordance with the method by Murakami & 
Koizumi (1980). In this paper, the bolt hole itself is also modeled as shown in Figure 4. 
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2.2.2 (b) Introduction of compressive force to joint plate by initial tightening 
To make the initial tightening force of the bolt act as a force that compresses the joint plate in 
the plate pressure direction, a displacement coupling restraint is introduced between the 
spring tip node of the bolt and the edge of the bolt hole as shown in Figure 4. 
Spring tip node 
Edge of bolt hole (Center of bolt hole) 


External force 


(Via main girder) Tightening force 


Spring tip node 
Joint plate 


Joint plates 


Figure 4. Area surrounding bolt holes of joint Figure 5. Method for applying initial tightening 
plates in the proposed model. force as a concentrated load on spring tip node. 


External force 


(Via main girder) Compressive force due to initial bolt tightening force 
Tightening force 


Joint plate 


Contact force between plates 
Tensile force through main girder 


Figure 6. Method for applying initial tightening 
force as a distributed load on the washer area. Figure 7. Forces acting on joint plates. 


In addition, the initial tightening force is applied using two methods. The first applies 
a concentrated load to the spring tip node as shown in Figure 5, and the other applies a tightening 
load as a distributed load to the washer area as shown in Figure 6. The former is a simpler model. 
The latter is a model that approximates the actual condition by expanding the load range of the 
initial tightening load. Compared to the former model, the latter model is considered to suppress 
the deformation around the bolt hole by reducing the moment due to the external force. 


2.2.3 (c) Reproduction of contact between joint plates 

As shown in Figure 7, contact force is generated between the joint plates due to the action of 
external force via the main girder. To express this, we consider contact and friction between 
each joint plate using the penalty method proposed by Moore & Wilhelms (1988). 

Naruse et al. (2009) also conducted a simple 3D FEM analysis of bolted joints between 
plates. They argued that contact is complicated to implement and impractical, and instead 
proposed a model that constrained the deformation behavior around the bolt hole. However, 
in recent years, structural analysis considering contact is possible by using general-purpose 
FEM software, so we used contact in this paper. 


3 MODEL EXPERIMENTS FOR COMPARISON AND CONSTRUCTED FEM 
MODELS 


3.1 Model experiments 


The joint bending tests by Murakami & Koizumi (1980) are used for comparison. Among 
their tests, we refer to the positive and negative bending tests (Figures 30 and 33,) in particu- 
lar, which are performed until the joints were destroyed. 

The outline of the model experiment is given below. For details, please refer to the paper by 
Murakami & Koizumi (1980). An eccentric load was applied to a test model in which two 
straight steel segments were connected by bolts at a joint as shown in Figure 8. They measured 
the bolt axial force and the joint rotation angle with respect to the moment generated in the 
joint due to the eccentric load. The straight steel segments comprised main girders, skin plates, 
joint plates and longitudinal ribs with the plate thicknesses of 6.0 mm, 3.2 mm, 6.0 mm and 
6.0 mm, respectively. The length of each segment was 650 mm excluding the protrusion for 
eccentric loading. The width (depth direction in Figure 8) of the segment was 150 mm and the 
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Figure 8. Model tests by Murakami & Koizumi (1980) (For positive bending pattern). 


height was 100 mm. The distance from the edge of the segment joint (rotation center) to the 
bolt was 75 mm for positive bending and 35 mm for negative bending. 


3.2 Proposed FEM models 


As shown in Figure 9, based on the concept described in Section 2.2, FEM models correspond- 
ing to the model experiment in Section 3.1 were constructed. A concentrated load modeled on 
a jack load is applied to the protrusions on both sides. As a boundary condition, the transla- 
tional displacement is constrained at the position of the roller support at the bottom of the 
FEM model. The x, y, and z directions in Figure 9 correspond to the length, height, and depth 
directions, respectively. In the structural analysis, the initial tightening force is first introduced 
to the bolt part, and then the jack load is gradually increased in the subsequent analysis steps. 

Friction is also considered by the penalty method as a contact condition between the joint 
plates. The coefficient of friction is set to 0.3. The contact direction conditions are set so that 
the joint plates would not bite into each other as much as possible. 

Triangular and quadrilateral meshes are used for the discretization of the model. The repre- 
sentative mesh size is 2.0 mm. This is one-third the thickness of the joint plate. 


F) Concentrated load (Oil jack) 


, =e Boundary Condition 
By, one side; xyz constraint SS 
tages the other; yz constraint 
(Rotation direction is not restricted 


— ae 


Positive bending te 


st model Negative bending test model 


Figure 9. Constructed FEM models. Positive and negative bending models differ in positional relation- 
ship with protruding part for eccentric load. 


4 COMPUTATIONAL RESULTS AND CONSIDERATIONS 


4.1 Comparison of results of FEM and model experiment 


Figures 10 and 11 show the results of the positive and negative bending tests, respectively. 
There are two types of graphs: (a) the increase in the bolt axial force against the moment 
acting on the joint and (b) the joint rotation angle against the moment acting on the joint. 
Figures 10a and b show that both the distributed loading model and the concentrated loading 
model reproduce the model test results well. In addition, Figure 10b shows that the point of 
which the joint plate begins to yield occurs slightly later in the distributed loading model than 
that in the concentrated loading model. 

Similarly, in Figures lla, b, we see that the FEM model reproduces the results of the model 
experiment well in the range where the acting moment is 15.0 x 10° kg - cm or less. In the 
range where the acting moment is large, the point at which the joint plate yields occurs later in 
the FEM model, and the stiffness is considered to be lower than the model test results. 


4.2 Considerations 


The reason for the difference between the FEM calculation results and the model test results 
and the validity of the FEM model results are discussed. 
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First, using the conventional design method for joint plates in Japan described by Japan 
Society of Civil Engineers (2016), the acting moment corresponding to when the joint plate 
yields is calculated. The steps for this design method are given below. 


e Model the joint plate with the beam fixed to both edges of main girders. 

e Calculate the bolt axial force from the balance of moments with the joint plate edge as the 
center of rotation. 

° Evaluate the bending stress when a bolt axial force is applied to the beam fixed to both edges. 
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(a) Moment vs. incremental axial force of bolt (b) Moment vs. rotational angle of joint 


Figure 10. Results of positive bending test using FEM model and model experiment. 
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(a) Moment vs. incremental axial force of bolt (b) Moment vs. rotational angle of joint 


Figure 11. Results of negative bending test using FEM model and model experiment. 


The yielding moment of the joint plate is calculated to be 3.68 kg : cm for positive bending 
and 5.00 kg - cm for negative bending. Based on this, the moment used in the bending test is 
rather large, and the FEM results are in good agreement with the model test results within the 
range of acting moments that are normally considered. 

Figures 12-15 show the von Mises equivalent stress of the joint plate calculated using FEM 
for a certain acting moment. The following states are shown in Figures 12—15: (a) point at 
which the area around the bolt hole begins to yield, (b) expansion of the joint plate yield area, 
and (c) the yielding state at the final step. 

We consider the validity of the deformations of these FEM models. Since the conventional 
design method does not evaluate the contact between the joint plates, the acting bolt axial force 
is lower in the case of negative bending, where the distance from the joint plate edge to the bolt 
is short, and the evaluation is strong in terms of design. However, according to the FEM calcu- 
lation results, the joint plate yield more progressed in the case of the negative bending test. The 
reason for this is thought to be that, based on the deformation diagram (Figure 16) of the FEM 
model that is used to evaluate the contact of the joint plates, the contact area between the joint 
plates is higher and smaller for positive and negative bending, respectively, so that plate deform- 
ation progressed. Therefore, the FEM results are qualitatively valid. 

The reason for the difference from the model test results is inferred to be the effects of 
material properties and modeling errors. Regarding the physical properties of the material, it 
is considered that the yield point of the steel (SS41) used in the model experiments performed 
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(a) Moment is 8.8 x 10° kg - cm (b) Moment is 22.2 x 10° kg - cm (c) Moment is 33.5 x 10° kg - cm 


Figure 12. The von Mises equivalent stress of joint plate in positive bending test using FEM model 
when tightening force is applied by concentrated load. 


(a) Moment is 8.8 x 10° kg - cm (b) Moment is 22.2 x 10° kg - cm (c) Moment is 33.5 x 10° kg - cm 


Figure 13. The von Mises equivalent stress of joint plate in positive bending test using FEM model 
when tightening force is applied by distributed load. 


(a) Moment is 13.0 x 10° kg - cm (b) Moment is 26.5 x 10° kg - cm (c) Moment is 38.5 x 10° kg - cm 


Figure 14. The von Mises equivalent stress of joint plate in negative bending test using FEM model 
when tightening force is applied by concentrated load. 


(a) Moment is 13.0 x 10° kg - cm (b) Moment is 26.5 x 10° kg - cm (c) Moment is 38.5 x 10° kg - cm 


Figure 15. The von Mises equivalent stress of joint plate in negative bending test using FEM model 
when tightening force is applied by distributed load. 


(a) Positive bending (b) Negative bending 


Figure 16. View of deformed joint part in the final step of FEM model with distributed load (Display 
magnification of deformation is 10 times). 


by Murakami & Koizumi (1987) was larger than the 235 N/mm? assumed in this paper. Alter- 
natively, the plate thickness of the joint plate may have been greater than 6.0 mm due to toler- 
ance. In addition, as can be seen from Figures 10a and lla, although the acting moment 
increases, the bolt axial force decreases at first. This might be due to a modeling error. Since 
the FEM model uses shell elements, there are unrealistic gaps between the joint plates. This 
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gap is reduced by deformation due to the axial force applied by the jack. This is difficult to 
avoid due to the contact formulation using the penalty method. 

From the aforementioned points, we consider that there is no problem in applying the FEM 
model in the range where the acting moment is small, which agrees with the experimental results. 
In addition, since this range corresponds to more than twice the acting moment used for design, 
the proposed FEM model is considered to be sufficiently practical. 


5 CONCLUSIONS 


A simple structural analysis 3D model of a steel segment joint was proposed. We confirmed that 
the proposed model accurately reproduced the bending test results of the joint in literature 
within the range of the acting moment that is usually considered. Since the calculation results 
do not change greatly depending on how the initial tightening force is applied within this range, 
we consider that using the concentrated loading model, which is simpler model, is reasonable. 

In the future, we plan to improve the model by modeling only the joint plate with solid elem- 
ents instead of shell elements. By doing so, it is possible to suppress the occurrence of compressive 
axial force and improve the reproducibility of joint behavior. We also plan to give consideration 
to the secondary lining. By considering the interaction of the primary and secondary linings, it is 
possible to build a 3D structural analysis model of steel segments with secondary linings. 
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ABSTRACT: Driven by Qatar National Vision 2030 and catering to the 2022 FIFA World 
Cup, Qatar is undertaking an extraordinary and ambitious programme of infrastructure 
development to deliver a world-class new and upgraded road infrastructure network. Projects 
designed to improve highway capacity, connectivity, and safety through the urban and rural 
parts of Qatar and to meet current and future demands of population and economic growth. 
Underground highway structures form a major part in this modern and integrated road net- 
work posing a number of planning and design challenges due to the combination of complex 
ground conditions, high water table and the need for fast-track construction in congested 
urban areas with a dense network of existing utilities. In this paper, the authors discuss some 
of the most critical and challenging considerations in putting a planning and design process 
on a path to successfully deliver the projects, shifting occasionally from the traditional con- 
tracting method to a more collaborative approach. Case studies are presented with an insight 
in the modelling, numerical analysis, seismic design, temporary and final supports, water- 
proofing and value engineering. An array of structures are presented consisting of a road 
underpass built by top-down method to account for traffic constraints, a pedestrian underpass 
implementing a box-jacking method to ensure undisturbed traffic through soil/hard rock and 
high water table, and a Cut & Cover tunnel designed in an area of an existing junction includ- 
ing impact assessments of existing utilities and bridge foundations and an evaluation of its 
seismic performance applying the recommendation of U.S. Department of Transportation 
FHWA-NHI-10-034 Technical Manual for Design and Construction of Road Tunnels — Civil 
Elements. 


1 INTRODUCTION 


1.1 Mesaimeer underpass 


Mesaimeer pedestrian Underpass is proposed to be constructed under the live traffic of Sabah 
Al Ahmad Road in Doha, which consists of a four dual lane carriageway, in addition to 
diverge lanes, service road lanes and right turn lane. Due to the necessity of maintaining 
undisturbed traffic and to avoid disruption of the existing utilities crossing over the underpass 
alignment, the use of conventional Cut and Cover method was not feasible. Accordingly, tren- 
chless construction method by box jacking is to be implemented in weathered limestone rock 
overlaid by made ground and the construction methodology of excavation ahead of pushing 
the box was selected. Further, the groundwater table is above the underpass top level which 
would require waterproofing measures and water-tight joints at construction and expansion 
joints. The proposed construction sequence is discussed, and some design and anticipated con- 
struction challenges are discussed from both structural and geotechnical perspectives. 
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743 


1.2 D-Ring underpass 


Design and construction challenges of an underpass structure built by top-down construction 
method located in D-Ring Road in Doha are presented. Top-down construction (TDC) 
method was applied as an alternative to the cut-and-cover construction method to minimize 
the traffic disruption and meet updated temporary traffic arrangements (TTMs) due to under- 
pass construction works. The site-specific challenges such as modification in structural 
arrangement of the underpass, ground conditions and dewatering challenges are discussed in 
this paper. 


1.3. Al Waab underpass 


The Al Waab Underpass is a cut-and-cover tunnel located in the intersection of Al Waab 
Street and Al Bustan Street, crossing under the existing Al Bustan Main and Ramp Bridges. 
The seismic performance of the structure was studied as per the afore-mentioned FHWA-NHI 
-10-034 and the results are presented in this paper. The paper details the element that the seis- 
mic load case governed the design and recommends the study of seismic performance of 
underground structures. 


2 MESAIMEER UNDERPASS 


2.1 General arrangement 


The section of the underpass is a single cell box section with clear width and height of 
6.20 and 4.60 meters, respectively. The overall length of the jacked underpass is 80.645 
meters with a variable fill height above the box segments top slab from 4.283 m to 
5.048m. At both ends of the underpass the pedestrian movement will be facilitated with 
both the proposed stairs and lifts. The box section will be constructed in 9 segments of 
length 9.005m per segment. The joint types between the segments are expansion joint and 
construction joints. The thicknesses of top slab, walls and base slab are 600, 800 and 
800mm, respectively. The segments will be cast in excavated pits, which will later be 
jacked in their final position. 


2.2 Waterproofing details 


The external faces of concrete shall be protected by waterproofing membrane. However, the 
waterproofing element is subject to damage during box jacking. Therefore, surrounding concrete 
protection of 100mm thickness with steel mesh is proposed all around the box section to protect 
the waterproofing from any damage during construction and jacking. This solution provides 


Figure 1. Box section and detail. 
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a continuous and connected reinforced “cage or shell” as shown in Figure 1. It is composed by 
an additional base slab casted in situ. The four additional protection elements on base, both 
walls and roof, are structurally connected through a steel mesh and the combined element 
behaves as closed body. 


2.3 Expansion joint details 


Two intermediate jacks are provided behind box segments 3 and 6 to allow pushing of seg- 
ments | to 3, 4 to 6 and 7 to 9 individually (Figure 3). After completing jacking operation and 
removing the intermediate jacks, the gap is filled by stich concrete with crystalline admixtures. 
Stainless steel plates are anchored into the segments by shear studs to prevent any misalign- 
ment of segments in the casting yard and during launching combined with alignment beams. 
The proposed expansion joint detail at base slab is shown in Figure 2. 
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Figure 2. Expansion joint detail. 


2.4 Box jacking loads and arrangements 


Based on the box jacking specialist contractor’s experience in Qatar, the friction co-efficient of 
0.5 was appropriate for the estimation of jacked forces. This was also considered in Doha 
Metro Gold Line Project (Konstantis and Massinas, 2020). However, for this project the fric- 
tion coefficient of 0.8 has been considered for the initial calculations for the estimation of jack- 
ing forces. Considering the higher co-efficient in the calculations at the design stage will capture 
the worst-case scenario during the pushing of box and ensure sufficient jack capacity to handle 
any worst scenario, including the risk of the segments being ‘jammed’ during the pushing oper- 
ations which will impose a significant impact on construction progress. Moreover, intermediate 
jacking locations are provided after every 3 segments (i.e., behind box segments 3 and 6) leading 
to maximum jacking length of 21.015m. Based on the above considerations, the estimated 
required jacking force is 7,072 tons which will be provided by 17 jacks having a single jack cap- 
acity of 500 tons each. Box jacking arrangement is shown in Figure 3. 


SPACERS SPACERS 


Figure 3. Box Jacking arrangement. 
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2.5 Ground and groundwater conditions 


The subsurface condition at this site consists of a made ground /fill layer to a maximum depth of 
3.5m to 4.5m below the existing ground level, followed by weathered Simsima Limestone (WSL) 
extending to depths varying between 4.0m to 7.4m below EGL. The weathering condition of 
WSL is improved with depth as moderately to slightly WSL. The Simsima/Dukhan Limestone is 
underlain by the Midra Shale formation extending to a maximum depth of 19.7m to 22.9m 
below ground. At some sections of the underpass, due to existing utilities (like the Treated 
Sewage Effluent pipeline), backfill materials were encountered at varying depths. A geophysical 
investigation performed along the underpass alignment showed potential variations in the com- 
paction of overburden soil and the strength of the WSL formation. The groundwater level was 
encountered at a level between +5.16 and 5.64m Qatar National Height Datum (QNHD) where 
the structural slab level of the underpass’s top slab varies between 4.858m to 5.030m QNHD. 
Ground improvement was recommended at the locations of existing deep utilities which were 
constructed by cut and cover method and at locations where WSL formation is weak at the 
underpass crown level. It was decided to identify the weak zones and perform ground improve- 
ment only at these locations. Horizontal borehole at underpass crown level before excavation 
was recommended to assess the ground improvement requirement. The location, extent and type 
of ground improvement will be finalized based on pilot horizontal borehole study at underpass 
crown level. The improved ground shall have minimum uniaxial compressive strength (UCS) of 
500kPa. It is expected that drilling and grouting execution will be performed in steps of 2.0-3.0m 
length in front of the segment opening to maintain 0.50m height of grouting zone. 


2.6 Impact on existing utilities and road pavement 


Above the proposed pedestrian underpass box crown level, many existing pipelines are present at 
varying depths. The current analysis proved that the deflections are within the allowable limits 
for new construction. However, as these pipelines have already experienced the surcharge loading 
and some settlements might have already occurred, part of the Contractor’s obligations will be to 
carry out deflection and condition assessment survey of the pipe by performing CCTV survey 
before commencing and after finishing the tunnel excavation work. Further, instrumentation and 
monitoring were recommended during and after construction works to assess and decide on 
ground improvement requirement. Consultation with stakeholders conducted to obtain their 
non-objection prior to the commencement of the works. Localised ground improvement at the 
existing utility locations could be required to avoid any further settlement of these utilities. 


3 D-RING UNDERPASS 


3.1 Construction approach 


The project includes the improvement of three main junctions to provide free flow for three 
lanes of northbound and southbound traffic along D-Ring road. The underpass is constructed 
in such a manner that the top deck slab is constructed first to allow traffic at the ground level, 


Figure 4. Site photos from various construction stages. 
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and then excavation to the founding level, where construction of the underpass foundation 
slab and side/intermediate walls will be carried out. Some of the site construction photos 
showing various stages of construction are shown below in Figure 4. 


3.2 Design approach and construction methods 


The underpass consists of three different configurations (covered area, semi-covered and 
open) and has an overall length of 779m. The covered area is a double cell box section com- 
prised of reinforced concrete solid deck slab cast integrally with tangent piles with wall lining 
and raft foundation to provide full tanking system (Sections 5&6). The shallow trough (open) 
sections are comprised of outer walls cast integrally with the foundation (Sections | to 3). For 
the semi-covered sections, precast beams are provided to restrain the top of the pile to reduce 
the pile deformation and forces and support the deck slab which will be extended in the future 
(Sections 4 & 4A). 
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Figure 5. Longitudinal section of the underpass structure. 


The pile wall-ground interaction analysis was carried out using the finite element program 
Plaxis 2D to assess the forces, displacements, and pile-wall stiffness. The analysis was performed 
following CIRIA C760 Guidance on Embedded Retaining Wall Design (reference 1) for each sec- 
tion of the underpass. In the analysis, each construction stage excavation condition, groundwater 
level, excavation support system, and loadings were modelled, and the analysis was carried out 
accordingly. The pile-wall flexural inertia for short-term (temporary condition) and long term 
(permanent case) conditions of 0.7EI and 0.5EI (where E is the modulus, and I is the moment of 
inertia) were used. The subsurface at the proposed underpass location consists of residual soil 
cover up to about 0.45m to 3.0m below the ground level, comprising silty sand with occasional 
limestone fragments, followed by moderately weak Simsima Limestone (SL) up to about 10.0 
-12.0m depth. Midra Shale (MS) was encountered below SL with a thickness varying from 1.4m 
to 4.4m which is underlain by a weak to moderately strong Rus Formation (RS) up to the max- 
imum drilled depth of 30m below the ground level. No cavities were found. The ground water 
level measured in the piezometers varied between 3.75m and 6.50m below the existing ground 
level. 


3.3 Modification in structural arrangement 


The tender design was based on a bottom-up construction sequence for sections 5 and 6. 
Operational reasons necessitated the change to top-down sequence. To temporarily support 
the top slab, the Contractor originally proposed to install temporary piles along the median 
wall which would later be embedded in the final works. Due to durability and functional 
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reasons the proposal changed to two rows of temporary piles on either side of the permanent 
median wall. The final structural arrangement of the underpass structure is shown below in 
Figure 6. 
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Figure 6. Structural arrangement of the underpass structure. 


The permanent works were re-analysed to assess the impact of this temporary condition 
and some reinforcement adjustments were incorporated in the final works. The deck slab was 
supported on top of the temporary piles through elastomeric pads. Due to utility clashes, tem- 
porary anchors to support the tangent piles were eliminated. After casting the permanent 
center wall, temporary piles were demolished to a level below the underside of the bottom slab 
to ensure continuity of the waterproofing system. 


3.4 Dewatering 


The Wellpoint method of dewatering was adopted at the project site for lowering the ground- 
water during excavation and underpass construction. The dewatering groundwater level was 
maintained at 1.0m below the excavation level. At deeper sections of the underpass, required 
dewatering could not be achieved by the existing well point system. Hence, additional French 
drains of 1.0m wide and 1.0m thick on both sides of the pile walls and 0.60m x 0.60m in the 
middle of the underpass at the base level were installed along the underpass alignment as 
shown in Figure 7 below. 


ce O l 


Additional Dewatering Drains 


Figure 7. Location of additional French drains on the underpass structure. 


As the new drain system requires additional excavation of 1m, pile wall design was checked 
by performing soil-structure interaction analysis using Plaxis 2D for the additional excavation. 
Initially, the detailed design of the pile wall was performed for additional excavation of 0.50m 
depth considering possible over excavation meeting CIRIA C760 Standard requirements. 
Hence, the net increase in excavation depth was about 0.50m only, and the increase in forces 
in the pile walls due to this additional excavation was found to be marginal. 
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4 AL WAAB UNDERPASS 


4.1 Construction approach 


Al Bustan South is a project involving the construction of four-level interchange from level -1 
to +2. The layout is shown in Figure 8. All structures were planned to be and have been con- 
structed in the current contract, except for the level -1 underpass which was fully designed but 
are not planned to be constructed until the time the ultimate interchange scheme is imple- 
mented in the future. 


Figure 8. Project location plan. 


This underpass structure, which is the subject of this study, will provide free traffic flow 
through Al Waab Street and crosses under the Al Bustan Main Bridges and Ramp Bridges. 
The underpass structure is approximately 750m long and consists of open sections (i.e., 
trough) and a closed section (i.e., two-cell box). The structure comprises of three lanes in each 
one of the two carriageways and will provide an uninterrupted traffic movement. 


4.2 Design approach 


As per the U.S. Department of Transportation FHWA-NHI-10-034 Technical Manual for 
Design and Construction of Road Tunnels — Civil Elements, the seismic risk to underground 
structures under the ground shaking effect was evident in the extensive damages and near col- 
lapse of the Daikai and Nagata subway stations during the Kobe earthquake in 1995. More 
specifically the internal columns of the Nagata station were fractured in the bottom and failed 
due to shear at the top. Such precedence warranted the consideration of seismic effects in the 
design of the Al Bustan underpass. 

The underpass was designed following the ground deformation approach as presented in 
FHWA-NHI-10-034, by which the structure is designed to accommodate the deformations 
imposed by the ground. The design ignored the stiffness of the underpass structure which 
resulted in a conservative estimate of the ground deformations. The PGA of 0.15g as pre- 
scribed by the local design criteria was used in the computation of the seismic equivalent static 
load. The comparison of the computed seismic loads with the SLS and ULS (as per BS5400) 
loads are presented below. Table 1 below provides the bending moment for each one of the 
three cases and the figure below indicates the location of those sections: 

In comparing the ULS against the seismic case, the seismic loads were found to be larger at 
four of the eight sections, However, the design of the sections were governed by the SLS case at 
all sections except at Section 8-8, noted in Figure 9, which was governed by the seismic case. 

The structural analysis indicated the seismic load (Extreme Event I load combination) to be 
the critical load for the internal wall of the underpass. This result is in line with the result of 
the Daikai & Nagata subway stations as presented in FHWA-NHI-10-034. In other locations, 
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Table 1. Summary table of bending moments for 8 different sections. 


Moment (KN.m) 

Section Name Service Case Ultimate Case Seismic Case 
Sec 1-1 | -950 -1435 | -1816 
Sec 2-2 2435 3405 3029 
Sec 3-3 -4601 -6368 -5542 
Sec 4-4 1516 2010 2222 
Sec 5-5 -1505 -2000 -2291 
Sec 6-6 2504 3460 3042 
Sec 7-7 -4213 -5826 -4947 
Sec 8-8 0 0 -936 


such as the external walls (sections adjacent to the connection with the top and bottom slabs), 
although the straining actions (bending moment provided as representative values) of the seis- 
mic load were found to be higher, the satisfaction of the allowable crack width check (as per 
BD28/87) governed the design of those elements (i.e., walls, top & bottom slab). 

The analysis captured the vulnerability of the internal supports when not designed specific- 
ally for seismic loading, as they would otherwise not be designed for direct lateral loads, 
resulting in underestimation of the required capacity. The analysis result confirms the import- 
ance of the considerations of seismic effects such as those described in Section 13 of FHWA- 
NHI-10-034. 


Figure 9. Locations of sections mentioned in Table 1. 


5 CONCLUSIONS 


The non-invasive approach proposed for Mesaimeer pedestrian underpass allows construction 
to progress under live. When built will be the longest tunnel built by box jacking method in 
Qatar. Dealing with the high ground water table and the length of the tunnel, resulted to add- 
itional efforts during design development and careful detailing input provided to ensure safety 
during construction and long-term performance. Given the potential variations in ground for- 
mation, suitable ground movement control measures including ground improvement works 
were recommended in cases of shallow overburden and weak formation. 

The Top-down construction method adopted in the case study of D-ring underpass proved 
effective to mitigate risks associated with construction sites in urban areas surrounded by 
buildings with congested traffic conditions. Although the method proved to be superior in 
allowing traffic to be restored while construction in depth is in progress, it increases the 
demand for temporary works and associated costs; also requires highly skilled construction 
personnel and stringent tolerance criteria to be met. Durability requirements associated with 
high water table, resulted in more elaborate temporary works adding complexities in the over- 
all construction process. 
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The seismic performance of the Al Waab Underpass as per FHWA-NHI-10-034 was per- 
formed and the structural analysis indicated the seismic load to be the critical load for the 
internal wall of the underpass. It is recommended that the seismic considerations as those 
described in section 13 of the abovementioned technical manual be taken into account in the 
design of the underground structures, while the associated impact on the design can vary 
based on the surrounding soil, depth of the underground structures, the shape and geometry 
of the structure. 
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ABSTRACT: Secant piles have been traditionally used as temporary support of excavation 
for cut-and-cover tunnels and shafts. Alternatively, the secant piles can be integrated into the 
permanent structure, where it not only provides the excavation support during construction, but 
also forms the envelope supporting the gravity and lateral loads from the permanent structure. 
This offers numerous advantages, including reduced excavation cost and time for construction. 
This was recently used with great success in construction of an approach structure and an 
underground station as part of the one of the largest transit systems in North America, Réseau 
Express Métropolitain (REM) located in Montreal, Canada. The current paper presents a case 
study based on a project where secant piles were used as the permanent liner. Various structural 
and waterproofing solutions implemented to achieve a cost-effective design are presented along 
with techniques to ensure water-tight structure with more than 100 years of service life. 


1 INTRODUCTION 


The Technoparc Station, located at the northeast corner of Alfred-Nobel Boulevard and 
Albert-Einstein Street is an underground station on the Airport branch of the Réseau Express 
Métropolitain (REM), which is an electric and fully automated, light-rail transit network 
designed to facilitate mobility across the Greater Montreal Region in Canada (CDPQ, 2020). 
This 67-kilometer light-rail transit network will consist of a total of 26 stations on three 
branches. In the Airport Branch, a new single-track bored tunnel, a double-track cut- and- 
cover tunnel, and an approach ramp starting from a cut-and- cover station in Technoparc 
area will link the airport with Downtown Montreal. Figure 1 shows the network map and 
highlights the airport branch on the new Green Line. 


=== Airport Branch vo 
. Station Technoparc = p! 
Figure 1. REM light-rail transit network. 
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The retaining walls of the station and the ramp strucutre is constructed using permanent 
secant pile walls which provide the exacation support during construction and in the perman- 
ent condition they integrated with station structure. Such a construction approach has also 
been used for Nordhavn Metro, Copenhagen (Dam 2016). This paper presents the design con- 
cept and challengeable construction method of Technoparc station. Figure 2 shows a 3D 
model view of the project highlighting the key elements. 


Figure 2. Approach ramp, Technoparc station and cut-and-cover tunnels. 


At the project location, REM starts to descend from the surface and enters a 200 m long 
U-boat structure followed by a 130 m long cut and cover tunnel which leads to the under- 
ground Technoparc Station. REM leaves the station to enter another 110 m long cut-and- 
cover tunnel before transitioning into a bored tunnel. The bored Airport tunnel is about 
2.5 km long and is excavated with an Earth Pressure Balance (EPB) Tunnel Boring Machine 
(TBM). The launch pit is located at the end of the 110 m tunnel (Figure 2). The TBM is 
launched from here approximately 14 m below the grade and continues to descend before 
reaching the bedrock 40 m below the grade where it progresses at a constant slope of 0.3%. 
Ground conditions are evaluated as the TBM progresses and pre-excavation grouting is per- 
formed as a measure for ground improvement (Lee et al. 2022). 

The design solution and construction methods are implemented with BIM technology for 
successful achievement of coordination including the optimum design, meeting owner’s tech- 
nical requirements, and construction duration and risk of underground construction. Such 
a multi-level information modeling approach is a recent trend in tunneling projects and given 
the complexity of the project BIM has proven to be extremely useful (Vovou, Jeon and Nasri 
2020). The project is currently under construction by two joint venture teams that are Con- 
struction Joint venture and Engineering Joint venture (Nasri et al. 2019). 


2 GEOLOGICAL CONDITIONS 


The Montreal local geological strata consist primarily of sub-horizontal layers of sedimentary 
rocks. The rock classification in the area are limestone and shale. Figure 3 shows the geotechnical 
profile at the Technoparc station. The subsurface conditions along the tunnel alignment and its 
elements generally consist of 0 m to 3 m thick fill material below ground surface overlaying 10 m to 
15 m thick glacial till composed of sand, silt, gravel and clay (SM) that is underlain by 0 m to 
5 m thick dense glacial till (GW). Below the dense glacial till is the bedrock consisting limestone and 
shale with average unconfined compressive strength of over 90 MPa that corresponds to a good to 
excellent quality The groundwater table is 2.7 to 3.5 meters below the ground surface, resulting in 
a water head of in the range of 10 m to 12 m at the bottom of the invert. Such high level of water 
poses major design challenge in terms of waterproofing and long-term durability of the structure. 


3 SUPPORT OF EXCAVATION DESIGN 

Secant pile wall system for the sidewalls is selected as the preferred and efficient method of 
construction as this serves the purpose for both temporary and permanent structures. This 
system is used in all three segments, i.e., approach ramp, cut and cover tunnel and Technoparc 


station. Secant pile walls are formed by constructing intersecting reinforced concrete vertical 
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piles (i.e., drilled shafts). The secant piled wall consists of alternate primary piles installed first 
and subsequently the secondary piles are constructed by boring through the concrete in the 
primary piles to key the secondary piles between them. 

As shown in Figure 4 the 1 m diameter primary piles are unreinforced and are spaced at 
1.6 m on center typical. The 1 m diameter secondary piles are either reinforced with steel rebars 
or steel wide flange section. To facilitate connection between secondary piles and steel structure, 
wide flange steel section is placed in every other secondary pile which supports the steels seats 
and consequently steel structure. Rebar cage is used in the remaining secondary piles. 


Figure 3. 


Figure 4. Typical secant pile details. 


In the station and cut-and-cover tunnel, the bottom of secant piles is extended to the top 
underlying rock which is about 7 m to 10 m below the bottom of excavation. This embedment is 
required to tolerate gravity force of the station and backfill zone in addition to resisting lateral 
earth pressure. It shall be noted that the bottom of adjacent primary and secondary piles is at 
the same elevation because the presence of primary piles is required for construction of the adja- 
cent secondary pile. Piles does not extend to the bed rock in limitation of the U-boat structure. 
The piles were drilled up to specific depth below the bottom of excavation. This depth depends 
on the depth of excavation and varied along the U-boat structure. Minimum 100 mm shotcrete 
liner is installed on the inside face of the secant pile wall. Spray-on water proofing system is inte- 
grated in this liner which provides the water tightness required for the permanent condition. 


4 DURABILITY DESIGN 


One of the main challenges for use of permanent secant pile is to satisfy the durability requirement 
of the project, 125 years. Underground structure may be subjected to the coupling effects of deg- 
radation factors such as carbonation, sulfate and chloride-induce corrosion by ground water and 
surrounding ground. Technoparc station is considered as a light-rail underground station in cold 
regions and concrete walls and invert and roof slabs may experience exposure to chloride-induced 
corrosion condition from run-off water when de-icing salt is used in adjacent roads. The toe of 
piles is placed on sound carbonated bedrock. As part of the secant pile wall is excavated below the 
ground water table, it is expected that concrete be exposed to bicarbonate. Therefore, carbonate- 
induced corrosion is considered as a durability factor. Geotechnical studies demonstrate very low 
sulfate concentration in the ground and ground water adjacent to the station, even less than 
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minimum concentration limit of lightest exposure class. Therefore, the external sulfate attack is 
not considered as a durability factor in this station. All types of underground stations built in cold 
regions are susceptible to frost attack and frees-thawing. Secant pile wall and roof slabs can be 
exposed to the frozen ground and groundwater. Further, the concrete mix was designed to be suf- 
ficiently workable to allow bridging the gap between primary and secondary piles following the 
extraction of temporary casing. Due to the presence of high underground water table, the mix was 
designed to be resistant to wash out. All these durability factors and construction concerns are 
considered in the design of concrete mix of the secant pile walls. 

Reinforced-concrete piles are designed following service-life prediction models of the project. 
The chloride ion concentration was measured in the existing concrete elements of adjacent buried 
structures. This value establishes a base line to be used in service-life prediction models of the pro- 
ject. Model predicts 90 mm as the required concrete cover of carbon steel elements in reinforced 
concrete pile while 125 mm cover is provided in the design and construction of secant pile walls. 


5 SECANT PILE WALL CONSTRUCTION 


The secant pile wall is designed to resist the lateral earth and hydrostatic pressure due to the 
retained soil. In addition to this, walls are designed for the construction live load surcharge, 
permanent live load surcharge and dynamic earth forces due to seismic. To support lateral 
pressure, two levels of struts are provided at station area. For the full contact between waler 
and secant pile wall, the continuous concrete scrapes on secant pile wall is provided at the 
backside of waler flange. With consideration of wide flange section installation tolerance 
including 25 mm horizontal tolerance at top and 0.5% verticality for secant pile, and | degree 
rotation tolerance for wide flange, +50 mm gap is provided and filled with non-shrink high 
strength grout for full contact between waler and secant pile wall. 

The wall construction photos in Figures 5 and 6 highlight the key elements of support of 
excavation (SOE). The secant pile wall is laterally supported by permanent struts at the street 
level, mid-depth level, and an invert slab at the bottom of the excavation. W-flange street level 
beams act as a strut during the support of excavation and supports the gravity loads in add- 
ition to the axial forces in the permanent condition with concrete slab on top. 


Figure 5. Secant pile wall and SOE system, station. 


Prior to start of drilling, a reinforced concrete guidewall is constructed. The purpose of the 
guidewall is to control the accuracy of the pile alignment and initial verticality. The trench for 
the guidewall is approximately 1.2 metres wider than the intended secant pile wall and approxi- 
mately 0.7 metres deep. After excavation of the trench, concrete is casted while the Styrofoam 
forms are placed in the location of the piles and the longitudinal reinforcements are installed 
along the guidewall (Figure 7a). The drilling of the secant pile wall then starts with the primary 
piles. The general sequence is drilling primary piles followed by secondary piles within 1 or 2 
days at the latest. The sequence is varied depending on site conditions and actual concrete 
strength gain with time. The drilling of adjacent piles follows confirmation of adequate concrete 
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Figure 6. Secant pile wall and SOE and permanent structural system, cut and cover ramp. 


strength in the primary piles. This strength gain is usually attained between 16 to 24 hours for 
the proposed mix. Cylinders are taken during concrete placement for primary piles, to be tested 
the following day to confirm concrete strength prior to starting of secondary piles. 

Piling is performed using a fully cased method of installation. To start drilling, the piling rig 
(Figure 7b) is positioned over the center of pile using the guide wall. The verticality of the rig 
mast using the electronic leveling system of the rig. The piling rig installs a starter segment of 
temporary casing with drilling shoe which is drilled and pushed into the ground with the 
rotary drive. Segmental casing is added once the embedded casing length is at an appropriate 
depth. Variety of drilling tools such as soil/rock augers, rock buckets, cleaning buckets, core 
barrels and cross cutters are implemented depending on the geotechnical conditions. The tem- 
porary segmental casing is always advanced ahead of the drilling tools and there will be no 
drilling of the soils outside (i.e. below) the casing. 


(b) 


Figure 7. (a) guidewall construction, (b) drilling rig and temporary segmental casing. 


Wet method of construction is implemented to counterbalance the ground water pressure 
during drilling. In this method, piles are initially drilled in the dry conditions to a specified 
depth. During the drilling, minimum of 1.0 m soil plug in the casing is maintained in order to 
protect the base from heaving due to groundwater pressures until water is introduced in the 
pile. After the initial advancement of the pile borehole following above mentioned procedure, 
water is introduced in the pile and is maintained approximately 2.0 m above water table. 
Installing temporary casing and drilling inside the casings continues until the design pile toe 
level (top of rock surface) is reached. All loose materials are removed from the toe of the pile 
using cleaning bucket. The depth of the pile and cleanliness of the toe of pile is inspected and 
confirmed by the geotechnical inspector in advance of casting concrete. 

Concrete is then poured through a hopper and a tremie pipe or a tremie pipe directly connected 
to a boom concrete pump. Tremie pipe is lowered by crane to toe of pile. An inflatable rubber 
ball is placed into the hopper before pouring the concrete to minimize direct contact and mixing 
of the initial discharge of fresh concrete with water, preventing potential segregation in the 
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tremie. The ball is pushed to top of the concrete rising column and out of the pile. As the concrete 
is discharged through the tremie line, the tremie pipe is raised a short distance (maximum 
200 mm) to start the concrete flow, allowing the plug to be released from the tremie end. At all 
times, the tip of the tremie pipe will be embedded a minimum of 3 m in concrete. As concrete is 
placed, drilling water is pumped out of the pile. Casing is oscillated out progressively during con- 
creting and removed in sections. Concrete is overpoured to the cutoff until uncontaminated con- 
crete is visible at the end of the pour to ensure quality of concrete in the pile. 

For secondary piles with rebar cage reinforcement, the cage is installed into the temporary 
casing prior to the placement of concrete with adequate spacers to ensure minimum concrete 
coverage of the reinforcement. Due to the presence of spacers, the reinforcement follows the 
verticality of the installation of the casings. Casing will be oscillated out during removal of 
casing to avoid any twisting or deformation of the cage. In case of wide flange sections, they 
are plunged in fresh concrete after the pile is completely poured and the casing is completely 
removed. The installation is done with the help of a steel centering template temporarily fixed 
on top of the guidewall (Figure 8). Template is leveled as required using shims. The template 
is left in place during the setting of concrete to ensure beam stays in position, adding wedges 
on the flange axis to secure the gap between the flanges and the template. 


Figure 8. Steel template for installation of WF sections. 


The width of trench in the station area varies between 17.5m and 24m, then interior columns/ 
piles are needed as key elements of SOE and permanent structural system. Temporary segmental 
casing is used to install these piles. The verticality of the casing is verified continuously during 
drilling. The drilling rig penetrates the casing into the sound rock for a short distance to prevent 
soil inclusion. After that drilling tool advances into the rock ahead of casing until it excavates 
the required depth of the rock socket. After cleaning of the toe of the pile, the steel tube is 
placed into the casing. Special template (Figure 9) is used to place the steel tube at expected 
position within required horizontal and verticality tolerances. These columns required a more 
restricted installation tolerance: 10 mm horizontal tolerance at top and 0.5% verticality. 


Figure 9. Installation of interior column/pile. 


Once the pile position is set and confirmed, a concrete tremie is lowered and self-consolidating 
concrete is pumped until it fills the rock socket completely. The position and verticality of the 
steel tube is re-checked and adjusted if needed right after concreting and before the concrete sets. 
The template is removed following day when concrete sets, the toe of casing is vacuum cleaned 
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and inspected to make sure that the surface is hard and exempted of sediments/concrete laitance. 
The pile is backfilled with self-consolidating concrete up to 1-2 m above the bottom elevation of 
station invert slab while progressively retrieving the temporary casing. The position of the steel 
tube is monitored continuously as the casing is retrieved. Clean stone is then placed on top of the 
fresh concrete to ground level and the temporary casing is fully removed. 

To prevent water infiltration into the excavation, dewatering was done only within the limits of 
excavation. In advance of excavation, multiple dewatering wells were drilled along the station 
and approach ramps. They were extended up to at least 1 m below the base of excavation. 
Dewatering was continued during excavation and construction of invert slab. During casting 
invert slab, the dewatering wells of each pour were plugged in advance of waterproofing, while 
dewatering was continued through dewatering wells located in adjacent pour. Casting was done 
in a single direction to push water to the edge of the pour limits and force it out of casting limits. 


6 OBSERVED CONSTRUCTION ISSUES AND DESIGN SOLUTIONS 


The WF section inside pile deviated from the specified construction tolerance at a few piles. 
This issue was addressed by slightly adjusting the steel seats. The welding connections of steel 
seats to the WF section was adjusted based on the information obtained from the as-built 
survey of exposed portion of WF section (Figure 10). 


Figure 10. Installation of steel seats. 


Horizontal cracks on the pile body and gaps at the joints between piles were observed at 
locations along the secant pile wall (Figure 11). These defects can result in water infiltration 
along the secant pile wall. It shall be noted geotechnical instrumentation of piles does not 
show any deformation beyond expected values. The crack meter installed on the crack also 
shows stable behavior of crack. Due to these observations, it is concluded that crack was 
occurred due to issues during concrete placement of the piles. 


Figure 11. (a) Horizontal crack, (b) defect of pile joint. 


To remedy this issue, additional actions are taken. The horizontal cracks are injected by 
polyurethan injection material up to substantially dry condition (Figure 12a). The soil and 
loose material should be removed from the pile joints using high pressure water. The joint 
then will be backfilled with shotcrete. After that, the joint is injected with polyurethan injec- 
tion material up to substantially dry condition (Figure 12b). 
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Figure 12. Remedial actions, (a), for horizontal cracks and, (b), for defects of pile joints. 


Further, the drain layer is installed on the pile joints to prevent any build up pressure on the 
final shotcrete layer. On top of that, a monolithic drainage net should be installed over the 
base shotcrete layer of water proofing liner to prevent build up pressure due to water infiltra- 
tion from horizontal cracks. Then, a smoothing layer is sprayed over the base layer, following 
which spray-on water proofing membrane is applied over the smoothing layer. The protection 
shotcrete layer is sprayed over the water proofing membrane (Figure 13). 

As shown in Figure 13 a drainage gutter is provided for the full perimeter of the station at the 
elevation of invert slab. It collects and transfers potential minor water infiltration through secant 
pile walls even after repair actions. Specific detail is developed to connect the spray-on membrane 
and the PVC waterproofing membrane used at the bottom of excavation. Further, re-injection 
hose system is implemented at the zone adjacent to the construction joint between PVC and 
spray-on waterproofing membrane. Hollow core, PVC injection hoses are installed along the 
secant pile wall within the depth of invert slab. These hoses can be reinjected many times when 
they are used in conjunction with specific acrylate-based injection resins. The reinjection capability 
provides a complete maintenance solution to tackle future leakage in this zone. 


Figure 13. Details of water proofing. 


7 CONCLUSIONS 


The construction of Tecnoparc station is accomplished using permanent secant piles. This paper 
presents steps to integrate the secant piles into the permanent structure and presents challenge 
and issues observed during design and construction. The ground water table being high at the 
site posed a major challenge during construction and design, especially to provide a durable and 
watertight system. During construction, staged dewatering within excavation limits was used to 
reduce the water infiltration. Horizontal cracks and joint defects observed in construction are 
remediated by using a combination of polyurethan injections and monolithic drainage net. 
Watertight design was achieved by providing spray-on waterproofing on the piles and connect- 
ing it with the PVC membrane under the invert. This interface is equipped with injection hoses 
which provides reinjection capability for long term maintenance. 
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ABSTRACT: One of the possible countermeasures to prevent the heaving of a mountain tunnel 
in service is the construction of a new inverted arch structure, however the construction activity 
during the service stage of tunnel has problems in terms of workability and economic efficiency of 
construction. In this study, we focused on the geometries of an invert arch structure, and through 
small model test and numerical analysis, we aimed to propose a rational inverted arch structure that 
contributes to reducing construction time and cost. Some structures were confirmed to exert an 
effect of reducing construction time as well as maintaining a certain degree of load-bearing capacity. 


1 INTRODUCTION 


In Japan, rock mass classification suitable for the tunnel construction in soft ground is used. 
Based on the results of preliminary investigations and the evaluation of observations and meas- 
urements during construction, the characteristics of rock mass is generally classified into five 
major categories, such as B, CI, CII, DI and DII in descending order of bedrock condition. In 
road tunnels in Japan, inverted arch structure is generally installed at portal and in all sections of 
categories DI and DII, and in a part of category CII indicating characteristics such as swelling. 

In recent years, the number of cases of heaving in mountain tunnels in service has increased 
after a long period of time has elapsed since its completion. In addition to impeding safe 
vehicle travel, the phenomena might cause the damage to users if suitable countermeasure was 
not performed for a long time. The installation of inverted arched structure has been con- 
sidered as one of the fundamental reinforcement measures, and adopted as one of the methods 
for large-scale renewal projects in highway tunnels (Nakano et al. 2021). 

One of the common problems that occur in many cases of heaving during in-service is that 
inverts were not installed in some parts at the time of tunnel construction. This is because the 
condition of the ground was relatively good at the time of excavation and the measured dis- 
placement during construction was not large, so there was no need to install them according 
to the technical standard shown in the time. On the other hand, there have been cases where, 
even in sections where inverts were installed at the time of construction, ground heaving 
occurred several years after the tunnel was in service, and as a result, the load-bearing capacity 
of the structure was found to be insufficient (Kobayashi et al. 2015). 

However, there are many issues that must be addressed when constructing a new invert for in- 
service tunnel. For example, the excavation under the road surface and casting of invert concrete 
at the limited space in the tunnel is not always easy, and the confirmation of construction safety is 
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needed. The construction period is also longer due to the reduced efficiency of work in the narrow 
space, and project costs may increase. It is necessary to minimize the social impact on users, such 
as traffic congestion caused by the restrictions. The examination of rational invert structures that 
can reduce construction costs and periods should be needed in Japan because the number of cases 
of invert construction will increase through tunnel renewal in the future. 

We focused on the geometrical shape of the inverted arch structure with the aim of investigating 
a rational structure that contributes to reducing the construction period and cost in this paper. It 
is obvious that a ring structure with a circular excavation under the roadbed is superior in terms 
of improving the load-bearing capacity of tunnel. However, above mentioned, it is undeniable 
that it is inferior in terms of workability and may be one of the factors that lengthen the construc- 
tion period. Therefore, a new invert shape which was different from the conventional circular arch 
shape, was assumed, and a structure with a certain load-bearing capacity which could shorten the 
construction time was examined through small model test and numerical analysis. 


2 RESEARCH METHODOLOGY 


2.1 Small model experiment 


Small model experiment was conducted using the models of various invert geometries under 
simulating ground heaving and external forces such as seismic loads, and the deformations 
and behavior were observed to investigate the structural capacity of tunnels under deform- 
ation caused by different invert geometries. 


2.1.1 Experimental apparatus 

Figure | shows the outline of the experimental apparatus. It consists of a metal frame, a loading 
plate, an air cylinder for loading, and a compressor. A simulated ground and a tunnel model are 
installed in the metal frame with an internal dimension of 500 mm around and a depth of 
25 mm. Seven air cylinders for loading are installed on each three sides. In the two lateral loca- 
tions shown in the figure, loading plates are placed between the air cylinders and the model, and 
the loading plates move uniformly. In the lower part of the figure, there is no loading plate, and 
the tip of the cylinder directly touches a model, making it possible to provide individual displace- 
ment for each cylinder size. The maximum load per cylinder can be up to 950 kPa. 


Figure 1. The outline of the experimental apparatus. 


2.1.2 Experimental methods 

A tunnel model was placed horizontally in the experimental apparatus at 2D (D: diameter of 
tunnel model, 80 mm in this test) from the bottom edge and filled with stainless steel rods 
around it. Two cases of loading were conducted: one in which equally distributed loads were 
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applied from the bottom of a tunnel model by the central three cylinders in upward loading, 
assuming ground heaving, and the other in which equally distributed loads from the right side of 
the tunnel model by seven cylinders in lateral loading, assuming external forces such as an earth- 
quake and lateral pressure by swelling. Loading was applied in steps of 50 kPa/20 seconds, and 
the experiment was terminated when the load reached 950 kPa or the tunnel model collapsed. 

Crack occurrence, the deformation behavior of ground and tunnel model were measured during 
loading. The fracture condition of a tunnel model was visually observed and the crack situation 
were recorded inside the tunnel model at each step. By placing markers, the deformation behavior 
of ground and tunnel model was measured around the tunnel model at 2 cm intervals inside the 4D 
from the tunnel model center, and at 4 cm intervals outside it, and on the tunnel model itself at 45 
degree intervals. The model deformations to be calculated were the invert uplift, the crown settle- 
ment, the vertical displacement and the horizontal displacement of the inner space. 


2.1.3 Experimental materials 

Circular stainless steel rods were used for the ground model, and they were stacked on top of 
each other to be considered as a continuum ground. Two types of rods with diameters of 
2.5 mm and 5.0 mm were used, and they were mixed in a ratio of 3:2 by weight, referring to 
previous experiments (Tsuchikura 2003). 

The tunnel model was made of plastic material mixed with weak soil paste, standard sand, 
and water in weight mixing ratio of 1:8:4 (Isago et al. 2022). An outer diameter D, a depth 
and a thickness are 80 mm, 40 mm and 5 mm, respectively. A height of 64.8 mm in the basic 
shape of Case 1 described below. Table 1 shows the overview of materials for experiment. 


Table 1. Overview of materials. 


(a) Ground model (b) Tunnel model 
Material Stainless steel | Component of Wood flour 51% 
Length (mm) 40 weak Sand 28% 
Diameter (mm) @1 =2.5 soil paste Fibrous material 8% 
@2 = 5.0 Cellulose adhesives 7% 
Weight mixing ratio @1:02 = 3:2 Others 6% 
Internal friction angle (deg) 27 Material strength Compressive (MPa) 0.4 
Cohesion (N/mm?) 0 Tensile (MPa) 0.06 
Unit weight (N/mm°) 1.08x10° Elastic modulus (MPa) 42 


2.1.4 Experimental cases 
Table 2 shows the experimental cases, targeting a combination of loading direction and invert 
geometry. The two loading directions were “upward loading case,” where the load is applied 
upward from the bottom, and “lateral loading case,” where the load is applied from the right 
side. The upward loading cases are designated as Case 1 to 4, and the lateral loading as 5 to 8. 
For the shape of the invert section, the case shown in the usual technical standards was used as 
the “2R conventional type” as the basic case. R means the radius of the arch section, and 2R and 
3R are the radius ratios of the invert section to the arch section. The radius of the arch is 40 mm, 
so the radius of the 2R conventional type is 80 mm. Figure 2 shows the geometry of models. Here- 
after, the bottom edge of the sidewall and the center of the invert arch were connected by 
a straight line to make the shape triangular with a varying radius ratio (referred to as “2R tri- 
angle” and “3R triangle”), and the thickness of the invert portion was twice that of the arch with 
a 5 mm of sidewall portion to make it flat referred to as “thick-bottomed flat”. 


2.2 Two-dimensional numerical analysis 


Although it is possible to trace the cross-sectional deformation of the tunnel dictated in the 
experiment above, the cross-sectional forces of specimen and the stresses in the ground are not 
clear. A two-dimensional analysis using the finite element method was conducted to confirm 
the validity of the obtained results. 
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Table 2. Experimental cases. 


Shape of invert Upward loading case Lateral loading case 


2R conventional type Case 1 Case 5 
2R triangle Case 2 Case 6 
3R triangle Case 3 Case 7 
Thick-bottomed flat Case 4 Case 8 


2R conventional type 2R triangle 3R triangle Thick-bottomed flat 
Figure 2. The geometry of the tunnel model. 


2.2.1 Analysis models 

Figures 3 show the analytical model. The analysis area was the same as one of experimental 
apparatus. For the case of loading from below, the upper side was restrained vertically and both 
sides were restrained horizontally. In the case of lateral loading, the upper and lower edges were 
restrained vertically, and the left side was restrained horizontally. For both the upward and lat- 
eral loading conditions, forced displacements based on experimental data were applied at the 
boundaries of the loading to reproduce the behavior of the experimental model of the ground. 


(a) Upward loading case (b) Lateral loading case 


Figure 3. Analytical model. 


2.2.2 Analytical physical property 
Table 3 shows the physical properties in the analysis. Since the elastic modulus and Poisson’s 
ratio of the stainless steel bar laminates in the area are not accurately known, the properties were 
estimated by reproducing the model experiment. The analysis was performed for the standard 
case 5; the 2R conventional type with lateral loading, and Poisson’s ratio and elastic modulus 
were varied to reproduce the deformation mentioned above. Based on these results, the Poisson’s 
ratio and elastic modulus of the bar laminations were set to 0.49 and 0.9 MPa, respectively. 

The physical properties of the tunnel model itself were set from the results of uniaxial com- 
pression tests. The ground and the tunnel model were assumed to be elastic in the analysis. 


2.2.3 Analysis cases 
The analysis cases were the same as in the model experiment, Case | to 8. 
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Table 3. Analytical physical property. 


Tunnel model Elastic modulus (MPa) 41.2 
Poisson’s ratio 0.3 
Unit weight (N/mm?) 1.05x10° 
Ground model Elastic modulus (MPa) 0.9 
Poisson’s ratio 0.49 
Unit weight (N/mm°) 1.08x 10° 
Cohesion (MPa) 0 
Internal friction angle (deg) 27 


3 RESULT 


3.1 Model experiments 


Table 4 shows the loads and positions where the cracks occurred in each case. Model experiments 
were conducted several times for each case, and the results are shown for those with the most 
pronounced characteristics, taking variations of the results into account. The cracks are referred 
as “first, second, and third cracks” in order of its occurrence. The load at crack initiation in par- 
entheses for cases in Table 4 means that crack did not develop on all sides in the axial direction. 

Figure 4 show the invert uplift and displacement of the inner space as an example of the 
results. The sum of the invert uplift and crown settlement was calculated as the amount of 
vertical displacement of the inner space, with expansion expressed as positive and contraction 
as negative. Note that the pressure indicates the compressor output one and not the measured 
value on the ground side. Because of the small size of the tunnel model, the direct installation 
of displacement measurement devices on the specimen could not be set. 


Table 4. Load at crack initiation and location of crack initiation. 


Load (kPa) and location (deg) 


Ist 2nd 3rd 
Main location 

case Load Location Load Location Load Location of crack 

1 (350) -165 800 180 (850) 165 Center of invert 

2 450 180 (800) -150 (850) 135 Center of invert, Corner 
3 600 -165 750 165 850 180 Center of invert, Corner 
4 (350) -165 550 180 - - Center of invert, Corner 
5 650 180 900 +105 — — Center of invert, Corner 
6 700 165 (800) 150 (900) -150 Center of invert, Corner 
7 (400) 165 750 -165 - - Center of invert, Corner 
8 600 180 — — — — Center of invert, Corner 


3.2 Two-dimensional numerical analysis 


The numerical analysis focused mainly on the difference in the location and value of stress 
generation due to the invert geometry. Figures 5 show the contour plots of the maximum prin- 
cipal stresses when the displacement at 950 kPa was applied as a forced displacement in the 
upward and lateral loading directions. 


4 DISCUSSION 
4.1 Model experiments 


4.1.1 Situation of crack and collapse 
1) Upward loading case (case 1 to 4) 
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The cracks that could be fatal to the structure occurred near the center of the invert in all 
cases. A comparison of the loading of crack initiation near the center of the invert shows 2R 
conventional type, 3R triangle, thick-bottomed flat and 2R triangle in descending order. 

On the other hand, the cracks that occurred over the longitudinal direction of the specimens 
were observed to occur at 600-800 kPa for the 2R conventional type and 3R triangle speci- 
mens, indicating that there was not much difference in the loads generated. 2R triangle and 
thick-bottomed flat had slightly higher crack initiation loads. 

The load difference from the first crack to the second crack shows 2R conventional type, 2R 
triangle, thick-bottomed flat, 3R triangle in descending order. The 2R conventional type and 2R 
triangle are considered to have a relatively high structural capacity because of the large difference 
in loading. The apparent structural capacity of the 2R triangle may be relatively high due to the 
apex of the triangle thrusting against a load applied from below, resulting in a similar trend to 
that of the 2R conventional type in the crack initiation load spacing. On the other hand, the 3R 
triangle and thick-bottomed flat have a small gap in loading from the first crack to the second 
crack initiation, suggesting that the margin between the initial deformation and the limit of struc- 
tural capacity is not large and that sudden brittle collapse may occur. In particular, the 3R tri- 
angle was the only one of the test cases that collapsed, which suggests that the structural capacity 
of the 3R triangle is low with respect to upward loads, such as ground heaving. 


2) Lateral loading case (case 5 to 8) 

The major cracks occurred near the center of the invert in all cases. Compared to loading 
from the upward direction, there is no significant difference in the load at the time of crack 
initiation near the center of the invert between the geometries. 

The load difference from the first crack to the second crack shows 3R triangle, 2R conven- 
tional type, 2R triangle (the second crack did not occur in the thick-bottomed flat) in descend- 
ing order. The 3R triangle and thick-bottomed flat have a large margin between the initial 
deform-ation and the limit of structural capacity. For lateral loading, the 3R triangle and 
thick-bottomed flat are stronger than the 2R triangles, which may be subjected to bending, 
because the invert shape is almost flat and the load acts in the axial direction of the invert and 
is borne as an axial force. On the other hand, the 2R conventional type and 2R triangle 
tended to have a smaller load difference from the first crack to the second crack initiation, 
suggesting a smaller margin from the initial deformation to the structural capacity. 


4.1.2 Amount of deformation 

In the initial stage of loading, there are sections where almost no displacement occurs as men- 
tioned above. 

1) Upward loading case (case 1 to 4) 

For the invert uplift, the amount of deformation is 3R triangle, 2R triangle, thick-bottomed 
flat, 2R conventional type in descending order. The 3R triangle has a significantly larger 
invert uplift than the other shapes and can be a structure that is prone to ground heav-ing 
under upward loads. On the other hand, the 2R triangle and thick-bottomed flat have rela- 
tively small uplift. In particular, the thick-bottomed flat has almost the same value as the 2R 
con-ventional type, suggesting that the invert can be expected to suppress ground heaving in 
the same way as the conventional type from the viewpoint of deformation. 

The crown settlement was found uplifted and moved in the loading direction in all 
geometries, however no significant difference was observed among the geometries. 

The vertical displacement of the inner space tends to decrease for all shapes, in the following 
order: 3R triangle, 2R triangle, thick-bottomed flat, 2R conventional type. Since there is gener- 
ally no difference in the amount of crown settlement among the shapes, it depends on the 
amount of invert uplift. 

The horizontal displacement of the inner space increases for all shapes, however no signifi- 
cant difference was observed among the geometries. 


2) Lateral loading case (case 5 to 8) 
The invert uplift is found to be in the descending order of 3R triangle, thick-bottomed flat, 
2R triangle and 2R conventional type. 3R triangle has a larger amount of invert uplift than the 
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other shapes. On the other hand, the displacements of the 2R triangle and thick-bottomed flat 
are almost the same, and are relatively close to those of the 2R conventional type. 

The crown settlement was found to be uplifted vertically in all geometries, and no signifi- 
cant difference was observed between the geometries. 

The vertical displacement of the inner space is in the descending order of 3R triangle, thick- 
bottomed flat, 2R triangle and 2R conventional type. The displacement tends to decrease for 
all shapes. Since there is no difference in the amount of crown settlement among the shapes, it 
is dependent on the amount of invert uplift. 

The amount of horizontal displacement of the inner space tends to increase for all shapes. 
The amount of displacement is about 0.1 mm for all shapes, indicating that there is almost no 
displacement. 
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(b) Relation between displacement and load in lateral loading case. 


Figure 4. Relation between displacement and load. 


4.2. Two-dimensional numerical analysis 


1) Upward loading case (case | to 4) 

In all cases, compressive stresses occurred inside the corner, and tensile stresses occurred 
outside the corner and inside the invert. 

For the 2R and 3R triangle, the stress values were almost the same, however, tensile stres-ses 
occurred at the apex of the triangle in 3R triangle. Changing the radius ratio can reduce the stresses 
in the center of the invert. The thick-bottomed flat seems to have the effect of reducing the stresses 
on the outside of the corner. On the other hand, tensile stress was widely distributed inside the 
invert. This may be due to the fact that the flat shape causes bending in response to upward thrust. 


2) Lateral loading case (case 5 to 8) 

In all cases, compressive stresses occurred on the inside of corner and tensile stresses 
occurred on the outside of corner. For the 2R and 3R triangle, the stress values and stress 
distribution ranges were generally consistent, and tensile stress tended to be concentrated in 
the triangular beam area. For the thick-bottomed flat, there may be an effect of reducing the 
stress on the outside of the corner. On the other hand, tensile stresses were widely generated 
inside the invert. The flat shape is considered to causes bending against upward thrust. 
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5 CONCLUSION 


The relationship between invert geometry and tunnel structural capacity was examined through 
model experiment and numerical analysis. The following findings were obtained from this study. 


1) Small model experiments were conducted on the relationship between the structural capacity 
of tunnels with different invert geometries. The result was confirmed that the load-bearing 
capacity and behavior differ depending on the shape of the invert. Although the load-bearing 
capacity of some shapes may be lower than that of conventional inverts under certain loading 
conditions, some shapes may be worth considering because of the possibility of streamlining 
construction due to the possibility of equivalence of load-bearing capacity. 

2) The numerical analysis using the finite element method showed the validity of the experi- 
ments results, because it was possible to reproduce the results and be consistent with the 
assumed theoretical phenomena. However, there were some differences between the experi- 
mental results and the numerical analysis in the behavior after model failure. Therefore, 
further investigation is necessary. 


The model tests in this study were small and may include unavoidable errors in specimens, so 
further verification is needed for comparisons through multiple examination such as the experi- 
ment considering ground conditions, analytical verification as well as the test construction. 


Min i - 
Max : 0.18 


2R conventional type 2R triangle 3R triangle Thick-bottomed flat 


(a) Contour plot in upward loading case. 


2R conventional type 2R triangle 3R triangle Thick-bottomed flat 


(b) Contour plot in lateral loading case. 
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Figure 5. Contour plot of maximum principal. 
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ABSTRACT: REM de l’Est is a new mega project in Montreal including 32 kilometers of 
automated light rail and 23 stations with a cost of about $10 billion CAD. The project 
includes 8.4 kilometers of 9.7 m excavated diameter single bore double track TBM tunnel and 
7 underground stations. A hybrid TBM will be used to bore though the limestone and shale 
rock and alluvium soil of downtown Montreal. One station will be built in cavern and the 6 
others using the cut and cover method. REM de l’Est Project is currently under design and 
will be issued for the design build bid during 2022. 


1 INTRODUCTION 


On the basis of the general guidelines issued by the Québec government in May of 2019, CDPQ 
Infra began looking at an electric public transit system to link the east end of Montréal and the 
Cégep Marie-Victorin area to downtown Montréal. CDPQ Infra developed a solution for a new 
automated light rail system in the eastern and northeastern Montréal, namely the Réseau 
express métropolitain (REM) de l’Est. This new system features 32 km of new corridors dedicated 
to public transit, with two branches and one common segment. The REM de l’Est is a fully auto- 
mated electric light rail project that includes 23 universally accessible stations with platform edge 
doors. With departures every 2 to 4 minutes during rush hours, REM de l’Est will save 10 to 55 
minutes as compared to driving for users travelling downtown, representing a 25% to 70% reduc- 
tion in total travel time. The marked improvement in travel times with REM de lEst will facilitate 
a modal shift from single-occupancy vehicles to public transit. The estimated ridership by 2044 is 
133,000 users/day and 380 million passenger-km/year resulting in a significant reduction of green- 
house gasses emissions by 35,000 tons/year. It doubles the coverage of the metro system in Mon- 
tréal’s east end and integrates with the public transit systems. In terms of economic benefits, 
REM de l'Est will create 60,000 jobs during the construction period and contribute $6.3 billion to 
Quebec’s GDP. The new system serves Montréal’s main employment hub in downtown, as well 
as employment hubs in the east. In making these employment hubs easily accessible by public 
transit, REM de l’Est will help increase the attractiveness of the area’s businesses and organiza- 
tions and help retain employment in the sector. The significant time savings for users that REM 
de l’Est provides will increase productivity and help reduce economic losses associated with traffic 
congestion. In 2018, these losses were estimated at $4.2 billion/year in the Greater Montréal area. 
It will connect the east end of Montréal and the CEGEP Marie-Victorin directly to downtown 
Montréal, to meet the significant mobility needs of these areas. 


2 UNDERGROUND SEGMENT 


The Marie-Victorin branch is approximately 10.6 km long including 8.4 km underground 
when counting the tail track of the terminal station. It has seven underground stations as well 
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as seven ancillary emergency evacuation structures including the one at the end of this branch. 
The initial alignment proposed based on accessibility and transport, ridership and urban 
development studies led to the positioning of the stations along the route as shown in 
Figure 1. The Lacordaire station is deep since it has to cross under a planned Montreal metro 
line. This station will be excavated in cavern using mining method by roadheader. All other 6 
stations are shallow and will be built using the cut and cover method. For these shallow sta- 
tions, the final position on the site will depend on constructability criteria including traffic 
management during the construction, the preservation or protection of the urban utility’s net- 
works in place, etc. 


Labele 


Figure 1. Alignment of the REM de lEst Project and the underground north branch shown in dashed line. 


In terms of the alignment depth, the interest is to place the station as shallow as possible for 
reasons of economy and ease of access favoring ridership and integration into the environ- 
ment. A major constraint is the minimum crown pillar rock cover to be kept above the tunnel 
at the TBM break-in and break-out points in the station. This cover was defined at 5 m for 
the project considering the nature of the rock and the excavation diameter of the tunnel. 
Another factor that may limit raising of the alignment profile at the stations is the thickness 
of the soil layer on the covered parts of the structure, which should not be less than 2 m to 
facilitate the possible future crossing of the urban utilities. In this case, the level of the rail is 
established according to the interior layout of the station and its height. For Lacordaire sta- 
tion, the depth is imposed by the crossing of the tunnel 5 m under the planned metro Blue 
Line and therefore this station should be put in cavern and excavated by roadheader. 

All stations except for Lacordaire station will be built using the cut and cover method. In 
this conventional technique, a full-width excavation of the structure should be performed first 
down to the bedrock level. The soldier piles and lagging (timber or shotcrete) system is 
designed as support of excavation where the water table is low, or the permeability of soil is 
very low. The secant pile wall system is used when these conditions are not met and when the 
lowering of water table is not allowed in order to prevent the soil consolidation and its result- 
ing settlement and damage to adjacent buildings. These wall systems are supported by either 
prestressed tieback anchors or by waler and struts. Since the quality of rock is good, the tip of 
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the piles is anchored back directly into the rock allowing a continuous vertical transition of 
excavation between the soil and rock layers, which reduces the volume of soil excavation. All 
buried utilities will be supported or relocated prior to excavation. Rock excavation is carried 
out either by drill and blast method combined with perimeter line drilling, to reduce overbreak 
and excessive vibration and to produce stable and smooth walls, or by roadheader. The initial 
rock support includes the installation of pattern rock dowels and a 50 mm thick steel fiber 
reinforced shotcrete layer. 

Six ancillary structures are planned at the low points between underground stations to meet 
the NFPA 130 standard (no more than 762m away from each station). They serve as a path to 
evacuate passengers in an emergency as well as a drainage sump to pump out the seepage and 
operation water. It may include a refuge area sized according to the evacuation criteria. They 
will not be used as ventilation plants for the tunnels since these are considered in the stations. 
These structures consist of a vertical access shaft with an entrance and a horizontal adit con- 
necting the shaft to the main tunnel of the REM de lEst. This adit will be built using drill and 
blast or roadheader. The shaft footprint is approximately 6m x 6m and will be constructed by 
cut and cover method. It houses the emergency exit stairs and the water drainage system. 
The connection point of the emergency adit to the main tunnel is generally located near the 
middle of the inter-station and the location of the entrance depends on the available sites on 
the surface. The exit door must be accessible from the street for rapid emergency response and 
evacuation, or for maintenance. 

The internal diameter of the tunnel is determined considering the space required during 
operation. For the REM Est Project, the tunnel diameter is defined by the train static, 
dynamic and clearance envelopes on tangent and superelevation, the track structure, the 
drainage trough, the cable trays, the walkway slabs, the distance between the centers of tracks, 
and the fire life safety phones and cabinets. The internal diameter of the tunnel is defined as 
8.66 m considering a construction tolerance of 100 mm. Figure 2 shows the cross section of 
the tunnel on a curved alignment. As shown, this single-bore side-by-side tracks is without 
a center separating wall system. 


EXTRADOS DU VOUSSOIR DE TUNNEL 


INTRADOS DU VOUSSOIR DE TUNNEL 


TOLERANCE DE CONSTRUCTION 


Figure 2. REM del Est tunnel cross section. 
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3 GEOLOGICAL CONDITIONS 


Based on the geological map of the island of Montreal and as shown in Figure 3, the route of 
the Marie-Victorin branch would be in the following geological formations: 


e At the junction, for about 700 m the route crosses an area of Utica shale. Utica shale is 
dark brown calcareous and associated with a clayey limestone with a petroleum odor. In 
general, the Utica shale is defined as a mixture of calcareous and bituminous shale as well 
as clayey limestone covering the Trenton limestones. 

¢ Then, the route is in Tétreauville formation, a transition zone between Utica shale and the 
limestone of the Trenton group for 2100 m before entering this latter formation. The Tétreau- 
ville formation consists of a dense, dark bluish gray limestone, with interbeds of shales. 

e The approach structure and portal as well as the tunnel itself to Cégep Marie Victorin are 
in the limestones of the group of Trenton from the formation of Montreal. The Montreal 
Formation is subdivided into two members: the member of Saint-Michel at the base, and 
the member of Rosemont at the top. The Rosemont member is defined as the upper 
member of the Montreal Formation. The Rosemont member is mainly composed of lime- 
stone with thin interbedded shale. 
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Figure 3. Geological map and tunnel profile of REM de l’Est Marie-Victorin branch. 


The underground part of the REM de l’Est Marie-Victorin branch route located between 
chainage of 102+220 (south portal) to chainage of 110+560 located under Maurice-Duplessis 


772 


Blvd (approximately 360 east of Hudon Street. The bored tunnel from the south poral to the 
north portal is divided into 8 sections as listed in Table 1. 


Table 1. Tunnel section, stations and ancillary structures. 


Chainage Chainage Ancillary Chainage 
Tunnel Section From To Stations From To Structures At 
Tl 102+325 102+765 Rosemont 102+765  102+808 OA-12 103+090 

Hospital 

T2 102+808 103+668 Saint-Zotique 103+668 103+713 OA-14 105+200 
T3 103+713 104+498 Lacordaire 104+498 104+543 OA-15 106+600 
T4 104+543 105+798 Saint-Léonard 105+798 105+840 OA-16 108+090 
TS 105+840 107+395 Sewing 107+395 107+437 OA-17 109+400 
T6 107+437 108+687 Montreal North 108+687 108+727 OA-18 110+390 
T7 108+727 110+249 CEGEP 110+240  110+283 


Marie-Victorin 
T8 110+283 110+560 


3.1 Structural geology 


The structural geological map of Montreal Island shows the presence of Ahuntsic syncline and 
Villeray anticline in the eastern zone of the island. The REM Est tunnel crosses these two struc- 
tures perpendicularly. The island of Montreal was affected by three fault systems whose north- 
west/southeast system could affect the route of the tunnel. The faults of Saint-Vincent-de-Paul are 
divided into two faults whose extension is poorly known. Most of the faults observed in Montreal 
are subvertical. Several smaller faults have been observed with low detachment and which mainly 
affect the Trenton formation. 


3.2 Glaciotectonic 


The term glaciotectonic has been used to describe the phenomena of deformation of the bed- 
rock produced by the shear force generated at the base of continental glaciers. These deform- 
ations are often found in the Trenton limestones where shale interbeds and folding of surface 
can be disturbed up to depth of 25m. These glacial scales can be made up of large blocks of 
rock that have slid over distances of several tens of meters. 


3.3 Rock parameters 


The intact rock parameters for both limestone and intrusive are reported in Table 2. 


3.3.1 ROD, RMR and Q index 

Most of the rock is of good to excellent quality, with an RQD of more than 75%. The propor- 
tion of passes with RQD<50% does not exceed 3% for the tunnel. Low RQD values can be 
observed locally in contact with soil and rock. Figure 4 shows the distribution of RMR and 
Q index for each tunnel run along the alignment. 

In parts of the tunnel alignment high groundwater infiltration into the tunnel during the 
excavation is anticipated due to the presence of fault zones and lower rock quality. Depending 
on the permeability of the fractured rock, water infiltration can become challenging for TBM 
operation, as well as for backfill grouting of the voids behind the segments. The TBM should 
be fitted with probing and pre-excavation grouting equipment to control the water inflow and 
stabilize the ground ahead of the TBM before the cutterhead arrival at the high-water infiltrat- 
ing zones. The grout materials designed for the pre-excavation grouting is a high early 
strength ultra-fine cement grout mix with anti-washout agents. 
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Table 2. Rock parameters along the Marie-Victorin tunnel. 


Parameter Tl T2 T3 T4 T5 T6 T7 T8 


Limestone UCS Average 124 106 108 112 118 115 122 131 
(MPa) SD 44 32 40 38 34 37 33 43 
Intrusive UCS Average 231 284 252 215 215 210 - - 
(MPa) SD 26 20 24 16 - - - - 
Limestone BTS Average 11 8 9 8 9 8 8 8 
(MPa) SD 2 4 1 1 4 2 1 1 
Intrusive BTS Average 14 1l - 8 - 18 - 8 
(MPa) SD - - - - - 4 - 1 
Limestone Elastic Modulus Average 46.9 41.2 459 463 436 45 48.6 47.4 
(GPa) SD 21.9 174 11.9 13.5 10.1 15.0 15.8 12.0 
Intrusive Elastic Modulus Average 98.3 82.0 - - 50.5 642 - - 
(GPa) SD 15.3 - - - 13.2 156 - - 
Limestone Density Average 26.8 26.85 26.84 26.70 26.76 26.66 26.54 26.32 
(kN/m3) SD 0.21 0.25 0.06 0.08 0.08 0.21 0.20 0.12 
Intrusive Density Average - - - - - - 27.07 - 
(kN/m3) SD - - - - - - 0.15 - 
Hydraulic Conductivity Lower range - 1.4E-5 2.5E-5 1.5E-5 3.6E-5 1.1E-4 2.1E-5 2.3E-6 
cm/sec Upper range - 7.8E-5 3.5E-5 2.4E-5 4.1E-5 1.6E-5 8.1E-5 1.4E-5 
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Figure 4. RMR and Q index along different tunnel section of Marie-Victorin branch. 


4 TBM TUNNEL DESIGN 


A watertight one-pass lining system with precast concrete segmental rings is considered as the 
support for the TBM tunnel. The size of the segmental ring is defined by the internal diameter, 
thickness, and length of the ring. The internal diameter of the tunnel was determined as 
8.66 m after the spaceproofing exercise. The thickness of segments is initially considered as 
350 mm, which was validated for structural capacity against all load governing load cases. 
The length of the segmental rings is 1.80 m, which was optimized considering the alignment 
minimum curvature of 250 m and the efficiency of tunnel works. The 7+1 ring configuration 
was used with seven ordinary segments and one small key segment, about 1/3rd of the size of 
the ordinary segments (Figure 5). As shown on Figure 6, this optimized design inherently pre- 
vents creation of crucifix joints in the tunnel, despite all relative rotations of the ring during 
TBM navigation of curve and tangent drives, resulting in a more accurate lining installation 
and a better tunnel watertightness. The ring taper is designed based on the radius of the tight- 
est curve in the alignment, the length of the ring, and the outer diameter of the tunnel. The 
total ring taper is 100 mm or +50 mm at the centerline of the key and reverse-key segments. 

A universal ring system requiring only one type of formwork set for the TBM tunnel. The key 
segment can be located anywhere in the tunnel for turning the ring into any direction. The seg- 
ment geometry is designed as rhomboidal, consisting of ordinary segments in the shape of paral- 
lelogram, a normal key and a reverse key segment in the shape of trapezoid. This system prevents 
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Figure 6. Ring developed plan in tangent alignment. 


crucifix joints, improves watertightness, allows continuous ring build from bottom to top, and is 
compatible with the circumferential joint dowel connection installation. Bolt connection was 
designed for the longitudinal joints and dowels were chosen for connecting rings at the circumfer- 
ential joints. The anchored gasket type is used for sealing joints, which offers a higher pull-out 
resistance compared to a conventional glued gasket system. The designed gasket provides a water 
pressure resistance exceeding the maximum groundwater pressure in the entire alignment by 
a safety factor, while accounting for the relaxation factor during tunnel service life (100 years) 
and any potential gaps and offsets between segment gaskets due to construction tolerances. 

The latest American Concrete Institute codes (ACI 533.5R-20 and ACI 544.7R-16) and the 
International Tunneling Association guideline (ITA Report no. 22, 2019) were used for 
designing the segmental lining. The structural design was carried out using the Load and 
Resistance Factor Design (LRFD) method recommended by these codes. The precast tunnel 
segments are reinforced with steel fibers. The fiber reinforced concrete segments are overall 
more cost effective and are superior for crack control. The minimum compressive strength of 
the concrete at 28-day and at the time of demolding was designed as 60 MPa and 15 MPa, 
respectively, to satisfy the structural demand for governing load cases and the durability of 
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the tunnel for its intended service life. The cold-drawn wire ASTM A820 type I steel fiber with 
2,200 MPa tensile strength was designed for segment reinforcement. The other characteristics 
of the fibers include: double hooked-end shape of fiber, minimum fiber length of 60 mm, max- 
imum diameter of 0.75 mm, and minimum fiber aspect ratio (length/diameter) of 80. The min- 
imum required fiber content for segment reinforcement of 40 kg/m3 and residual flexural 
strengths of 4.8 MPa at 28 days and 2.4 MPa at the time of demolding were considered based 
on the required structural demand. The use of fiber provides a durable solution by eliminating 
rebar, which is prone to stray current corrosion. 


5 STATION DESIGN 


Six stations will be built using the cut and cover method. Five of these stations will be in rela- 
tively good quality rock with only a few meters of overburden soil. The soldier piles and lag- 
ging (timber or shotcrete) will be used as their support of excavation in soil. The initial liner in 
rock will consist of 50 mm steel fiber reinforced shotcrete liner combined with permanent pat- 
tern CT bolts to ensure a 100-year design life for the structure. If needed the rock mass will be 
grouted locally to reduce the infiltration rate prior to the shotcrete application. A drainage 
strip will be installed behind the shotcrete liner where needed to drain down to the station 
invert. Then a thin layer of spray on membrane (2 to 3 millimeters) is applied as the water- 
proofing layer and finally another 50 mm layer of steel fiber reinforced shotcrete is added as 
the final liner (Figure 7). Recently this design has been successfully implemented for the 
Edouard Montpetit station of the REM Project in Montreal resulting in significant cost and 
time saving by reducing the volume of rock excavation and cast in place concrete needed for 
conventional construction. Only one of the 6 cut and cover stations is mostly in saturated soft 
ground (Rosemont station). The invert of this station is sitting on rock, therefore a permanent 
secant piles wall system embedded into the rock will be used to support the soil and the invert 
of the station which is fully in rock will be drained to relieve the uplift pressure. 
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Figure 7. Initial and final liner system for REM de l’Est stations. 


The Lacordaire station is deep in rock since it crosses under the metro Blue Line. This side 
platform station will be built in cavern using the same initial and final liners system shown in 
Figure 7. Taking advantage of the low permeability of the rock mass, all the stations will be 
built as drained structure like the design used for the current metro system in Montreal. This 
relieves the hydrostatic pressure and results in significant cost and time saving. The underground 
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stations are placed on the available lands on one side of the street to avoid costly impact on the 
utilities and traffic. As shown in Figure 8, most of the REM de lEst underground stations will 
be integrated into overbuild development programs to revitalize these stations neighborhood. 


Figure 8. Example of future development around the REM de l’Est underground stations. 


6 CONCLUSIONS 


REM de lEst is a new mega project in Montreal including 32 kilometers of automated light 
rail and 23 stations with a cost of about $10 billion CAD. The project represents the largest 
investment in a public transit project in Québec. It will connect the east end of Montréal and 
the CEGEP Marie-Victorin directly to downtown Montréal, to meet the significant mobility 
needs of these areas. It includes 8.4 kilometers of 9.7 m excavated diameter single bore double 
track TBM tunnel and seven underground stations. A hybrid TBM will be used to bore 
though the limestone and shale rock and alluvium soil of downtown Montreal. One of the 
stations will be built in cavern and the 6 others using the cut and cover method. For the first 
time in North America, a single bore double side by side tracks without a center separating 
wall system will be used for the REM de l'Est Project TBM tunnel. This results in side plat- 
form stations, eliminates the need for building cross passages and crossovers and reduces the 
width of required right of way. This system satisfies all the ventilation and fire life safety 
requirements of NFPA 130 and results in a relatively significant cost and time saving. Taking 
advantage of the relatively good quality of the rock along the alignment, relatively thin layers 
of steel fiber reinforced shotcrete in combination with permanent bolts, and spray on mem- 
brane are used for initial and final liners and waterproofing of the stations significantly 
improving the efficiency of the design and construction. 
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Rehabilitation of an existing water supply gallery network built in 
the early 1970s 


A. Nicolle, A. Wohnlich, B. Quigley & A. Arigoni 
Gruner Stucky SA, Renens, Switzerland 


ABSTRACT: The Forces Motrices Hongrin-Léman hydroelectric scheme is a pumped- 
storage plant in operation between Lake Geneva and Hongrin Reservoir, in Western Switzer- 
land. In addition to the natural catchment area, the upper reservoir is supplied with water 
drained from 8 different intakes through a large supply network of tunnels. In the eastern 
part, there is a 8 km long tunnel with a specific 1 km stretch of tunnel showing significant 
damages which occurred only few years after commissioning. The tunnel cover is about 
200 m and the gallery has a 2.5 m internal diameter. A combination of factors leads to this 
damaged structures, convergence and stability issues. The rehabilitation concept is designed as 
a new concrete circular lining, with a construction methodology developed together with the 
Contractor to tackle all tricky logistical issues due to a very narrow underground space and 
remote access conditions. 


1 INTRODUCTION 


In Western Switzerland, the Forces Motrices Hongrin-Léman (FMHL) built in the 1970s 
a hydroelectric pumped-storage scheme between Lake Geneva (lower reservoir) and Hon- 
grin Reservoir. The scheme has a total head of 883 m between the upper and the lower 
reservoir. The scheme has a power capacity of 480 MW. The upper reservoir has a 52 hm? 
storage volume and is made of two double curvature arch dams with height of 123 m, resp. 
95 m, erected at the confluence of Hongrin and Petit Hongrin rivers. Both dams join on 
a central massive concrete abutment. The upper storage is supplied by a natural catchment 
area of 46 km? and an additional area of 45 km? made by adjacent valleys. These neighbor 
additional catchment areas are connected to the reservoir through a network of 8 intakes 
and 20 km of supply tunnels (free flow conditions). The Eastern part is made of a 2.5 km 
long main gallery from Hongrin reservoir until the intersection of two branches called Le 
Carrefour. The branch in the South direction is 6 km long and comes from Sepey and 
Raverette intakes whereas the branch to the East is 8 km long and connected to Eau 
Froide and Torneresse (see Figure 1). The Raverette-Carrefour segment has a 2.5 m internal 
diameter, an average 0.77%o slope and was designed for a discharge capacity of 2.25 m*/s. 
Regular inspections of this supply gallery have reported increasing damages to the con- 
crete lining and invert slab since few years after commissioning in 1971 in a specific 1 km 
long stretch. In 2021, FMHL started works to rehabilitate this part of the gallery. This 
paper describes the geology context and the pathologies observed in the gallery. The 
causes for the damages as identified by studies are exposed. The process to select the final 
rehabilitation concept and the construction methodology with the Contractor is explained 
and described in this paper. 
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Figure 1. The Forces Motrices Hongrin-Léman (FMHL) layout. 
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Figure 2. Horizontal section of geology (© Norbert SA). 


2 GEOLOGY AND DAMAGING OF THE GALLERY 


2.1 Geological context 


The galleries were excavated in two main geology structures called Flysch Ultrahelvétique and 
Flysch du Niesen as shown in Figure 2. The average rock cover is around 200 m with 
a maximal value of 340 m. The Flysch Ultrahelvétique is mainly composed of an alternance 
between shales-clay and anhydrite lenses. The anhydrite can take three forms: brecciated, 
ribbon or massive. When exposed to water, both shales-clay and anhydrite can alter and show 
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a swelling behavior. Anhydrite transforms into gypsum, whilst showing a volume increase. 
Gypsum is a softer rock material than anhydrite and can easily be removed with a fingernail. 
On the other hand, the Flysch du Niesen is composed of shales-clay, breccia, and sandstone. 
Parts of galleries suffering from stronger damages are found in the Flysch Ultrahelvétique. 
Water inflows circulating through rock cracks are rare and mostly observed in the Flysch du 
Niesen. In the Flysch Ultrahelvétique, damages to the concrete lining are also caused by sul- 
fate attack due to the presence of anhydrite and gypsum. 


2.2 Factors explaining the observed damages 


After 20 years of exploitation, some galleries showed damages which led to regular, light main- 
tenance works between 1982 and 2000. Despite these works, the process of concrete damaging 
kept progressing. The most damaged part is found in the branch Raverette-Carrefour located in 
the “Flysh Ultrahelvétique” rock formation. Regular inspections of the galleries revealed more 
and more frequent and severe cracking pattern in the shotcrete lining, this latter even partially 
falling apart in the most critical locations. The existing lining was made of shotcrete with vary- 
ing thickness from 5 cm to 10 cm, reinforced with one layer of steel mesh in two directions 
(2.5 mm diameter). Due to plastic deformation and rock mass convergence, the section is in 
some places shrinked by several tens of centimeters. The invert slab (cast-in-place concrete) is 
locally heaved and broken, and it shows wide open longitudinal cracks in the center part. Sev- 
eral phenomena have been identified as causes or factors of damages (Figure 3). 


— The swelling rocks (plastic deformation and cohesion loss) could lead to pressures that 
exceed the structural resistance of the existing concrete lining. The swelling and rock alter- 
ation actions are triggered and amplified with water circulation. Origins of water circula- 
tion could be due to a drainage effect of the rock mass induced by the gallery excavation or 
seepage from the gallery structure while under operation. 

— Groundwater can contain sulfates from anhydrite dissolution, which attack concrete. 

— The geological layers are subparallel to the gallery axis which eases the groundwater flow. 
Less damages are observed in the other branch (toward Eau Froide) where geological 
layers are found perpendicular to the gallery axis. 
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Figure 3. Factors explaining the gallery damaging. 
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— When the gallery was excavated back in the early 1970s, the ground below the invert slab 
was backfilled and made of rock pieces and debris from the excavation. With a high content 
of anhydrite and considering that the invert and the concrete lining was not designed to be 
watertight, this underlying material altered along the years and lost his initial properties 
until turning into loam (mud). This led to considerable damages such as heaving, holes, aso 
in the invert slab. 

— With the shrinkage of the gallery section due to plastic deformation, the free flow as 
designed can transform into a pressurized flow. The lining was not designed for those 
hydraulics conditions and does not provide the corresponding resistance. 

— Alkali-aggregate reaction occurs in the concrete lining. 


All above factors combine together and lead to an acceleration of the damaging process. 
Increasing damages affect the serviceability of the gallery network and jeopardize the safety of 
the water supply. Therefore, the Owner FMHL decided to undertake heavy rehabilitation 
works. 


3 REHABILITATION CONCEPT 


3.1 Design calculation 


The Raverette-Carrefour branch, which is the most damaged branch, has a horseshoe shape, 
in which the concrete invert and the shotcrete lining are not connected. It is relevant to note 
that some segments in the branch, where at the time of the construction the support was made 
with circular steel ribs, remain in better conditions than the segments built with horseshoe 
shape. The circular geometry provides a better stress distribution to the tunnel structure, thus 
avoiding heaving of the invert and high stress concentration on sharp corners. In this favor- 
able case, the support can theoretically work only with axial compressive stresses without 
bending moments and shear stresses. Both shapes, horseshoe and circular, were assessed by 
calculations using ZSOIL Finite Elements software. Results show that for similar support 
parameters (concrete thickness, with/without steel ribs, aso) the circular section resists to an 
external radial pressure 4 to 6 times higher than the horseshoe shape. 

The main concept which guided the rehabilitation design is to provide a resistance to the 
same level as prevails in the existing circular section with steel ribs, where no damages have 
been observed over 50 years. The first step of the design was to assess the bearing capacity of 
the existing support with steel ribs. The maximum external radial pressure before failure of 
the structure was estimated equal to 2.6 to 3 MPa. Numbers of supports systems were com- 
pared to handle this pressure. Finally, the selected structural section is a 25 cm thick circular 
lining shape with reinforced concrete. 

As for the hydraulic behavior of the rehabilitated tunnel, the section must have a flow cap- 
acity of 2.25 m°/s, which corresponds to the intake maximum discharge. To ensure free flow 
conditions, the water level does not exceed 75% of the gallery height. Hydraulic calculations 
were conducted taking into account the Strickler coefficient and the effective slope to define 
the final geometry. 


3.2 Analysis of rehabilitation concepts 


Two different rehabilitation concepts have been analyzed and assessed together by the Owner 
FMHL, the awarded Contractor and the Engineer in charge of the project. The first option is 
a section totally made of concrete precast segments with mortar/cement grouting behind the 
segments to fill the gap between these and the rock wall. The second option considered is 
a hybrid solution composed of a precast invert segment together with a shotcrete lining for the 
walls and vault. 

The total precast section (option 1) is made of four 1.2 m long segments. Joints between seg- 
ments are bolted and then blocked with grouting in the gap behind the segments. The main asset 
of this option is the construction of a regular circular section with a high-quality control of the 
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concrete due to the industrial production. On the other hand, this option is not very flexible in 
case of unforeseen events. Furthermore, it demands the implementation of many successive 
stages: temporary shotcrete support, precast segment installation and final grouting. Finally, 
a major unknown was about the robot machine which would put the segments in place. Due to 
the small size of the gallery, this robot machine had never been tested before and it would have 
been a prototype for this size of gallery. The hybrid concept (option 2) seems to provide more 
flexibility with the fiber-reinforced shotcrete lining which can readily adapt to almost every shape 
and permits to conserve the existing lateral niches located along the gallery axis. The technique is 
well known and mastered by the Contractor. The main difficulty is to keep the right circular 
geometry and to ensure a good jointing between the precast invert segment and the walls. 

The cost and construction time (planning) estimates developed for both options were too 
close to make a difference in the final selection. Finally, the hybrid concept (option 2) was 
retained (see Figure 4) mostly because of its increased flexibility, which is key for underground 
works. This option was also found with less unknowns and technological risks with respect to 
the segment installation (option 1 - Prototype machine). 


4 CONSTRUCTION METHODOLOGY 


4.1 Working stages 


Rehabilitation works in the gallery could be split in 4 main stages: profile sawing, excavation, 
invert with precast concrete segment and final fiber-reinforced shotcrete lining. All four stages 
are presented and further discussed in subsequent sub-sections. 

To be noted that after due consideration of environmental issues, safety issues and economical 
reasons, it was decided to organize the job site logistics based on rail transport. This decision to 
go for rail transport into the gallery - decision made early in the project development - had 
strong implications and impacts on all the organization and subsequent construction stages. 


4.1.1 Profile sawing 

A regular circular cut of the whole gallery section is made to weaken the existing concrete 
lining and the rock mass surrounding the gallery, and to gain better control on the diameter 
of excavation (limiting overbreak). Tests have been conducted on site to optimize the spacing 
between two cuts which finally reaches 25 cm. The sawing machine is made of a rotating axis 
with two (or sometimes one) steel circular discs at its ends, see Figure 4 below (left). Discs can 
cut up to 52 cm deep into the rock mass to provide a final gallery diameter of 3 m. 


4.1.2 Excavation 

After the saw cuts execution, a hydraulic breaker demolishes the existing old concrete lining 
of the vault, the walls and the invert. Guided by the saw cuts which eventually limit overbreak, 
it also removes the surrounding rock mass to reach the final 3.0 m diameter. As explained 
above, the ground under the invert slab is made of loam. The thickness of the loam layer is 
varying, and this fine material became muddy because of humidity. After mucking, a first 
5-8 cm thick layer of fiber-reinforced shotcrete is applied to provide a temporary support. 


4.1.3 Invert with precast concrete segment 

The invert is built with precast, 1.2 m long, reinforced concrete segment. Starter bars are 
placed at the sides of each segment to ensure the proper binding with the shotcrete lining (see 
Figure 4 right and Figure 5). It also provides the longitudinal joint with shear resistance. Fur- 
thermore, the shotcrete rebound is reused as foundation layer under the invert. There is no 
rigid connection between the segments; only two shear keys serve to interlock two adjacent 
segments and a foam band is applied additionally to bring watertightness. Finally, the rails 
are installed without sleepers because precast segments have been designed for transversal 
actions of the train. 
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4.1.4 Final fiber-reinforced shotcrete lining 

The final lining is made of fiber-reinforced shotcrete and the final total thickness (with the 
first layer) is 25 cm. The concrete mix was designed to be sulfate attack resistant and without 
alkali-reactive aggregates. The shotcrete lining is applied in three steps. First, in the back of 
precast segments to stabilize them to allow for the train traffic. Second, the walls are shot- 
creted and finally the vault. A robot mounted on a telescopic axis is used to shotcrete the last 
two steps. 


Figure 4. Left: Profile sawing. Right: Precast concrete invert segments with details of the rails and the 
starter bars. 
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Figure 5. Final gallery section. 


4.1.5 Progress rate and planning 

The works are organized on a basis of 24h/24h with three shifts, 5 days a week. Each shift is 
made of three workers. The global progress rate is around 39 m per month, considering 
unforeseen events. 
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4.2 Logistical aspects 


The two main logistical constraints are the site work location 4 km away from the portal and 
the small size of the gallery. A trip to reach the site takes around 30 minutes, therefore the 
train organization is optimized to minimize the number of train movement. All workers, 
equipment and materials are carried to and out of the working site with an electrical train. 
Due to the reduced size of the gallery network, the standard size machines of underground 
works cannot be used in this gallery for this job site. Specific machines have been selected and 
some have been specially designed or customized for this project. To provide the job site with 
more flexibility, shotcreting was done as per the dry method. The dry mix is transported in 
small storage silos which have been adapted to match the train gauge. The same was done 
with the shotcrete robot. To raise loads and move materials in the gallery, a monorail with 
hoists is installed into the crown with anchors into the rock mass as works progress. For 
safety reasons, communication into the gallery is ensured by a redundant system composed of 
a self-powered handsets (genephone) and optic fiber. 

The ventilation system is located at an extremity of the gallery at Raverette intake. The 
working stages organization includes the management of the ventilation. The profile sawing 
activity needs a ventilation from Raverette to Hongrin while shotcreting activity requires 
a flow in the opposite direction. Therefore, both construction stages cannot take place simul- 
taneously. The profile sawing works are planned during both day shifts, together with excava- 
tion and invert construction. The shotcrete works are done during the third shift at night. 

Outdoor facilities are common: water treatment system, electrical supply, tower crane, shot- 
crete storage silos, mucking material storage, aso. Due to stringent weather conditions at this 
elevation (1300 masl), all equipment and site facilities must be protected from snowy conditions. 


5 CONCLUSIONS 


Ageing of existing civil infrastructures and its consequences will be an increasing part of work 
for Engineers in future. Many structures built in the middle of last century are reaching or will 
reach their lifetime in the next decades. To ensure safety and serviceability on the long term, 
regular maintenance works and sometimes heavy rehabilitation works are necessary. Regular 
inspections of existing structures are key to identify the first indicators of structure damaging. 

After 50 years of continuous operation, a significant part of the supply gallery network of 
Forces Motrices Hongrin-Léman (FMHL) pumped-storage scheme in Western Switzerland 
started to show heavy damaging of the concrete lining due to unfavorable geological conditions 
and groundwater circulation. As well, it was recognized that technical choices made by the 
designers of the galleries in the 1960-70s had a role on the gallery sustainability. Based on these 
observations, a rehabilitation concept for the supply galleries was defined on the basis of 
a circular geometry. A rehabilitation concept with precast segments for the invert slab and 
a fiber-reinforced shotcrete lining was retained following a wide-range alternative study. This 
solution provides great flexibility, which is crucial for underground works. In addition, the Con- 
tractor proposed pre-cutting of the damaged concrete lining and the surrounding rock mass by 
means of saw cutting. This step turned out to be key to easily remove the existing lining and 
surrounding rock without overbreak. Specific equipment was selected to work in the narrowness 
of the gallery. The Contractor set up a logistics based on train shifts, monorail, and proper work 
stages. Works started in 2021 and are planned to be completed in 2024. These galleries are 
a major component to supply water into Hongrin upper reservoir in the FMHL scheme. Hydro- 
power is the major source of electricity generated in Switzerland, and in the current context of 
energy shortage in Europe, maintaining structures in good conditions and in operation is critical. 

Finally, the authors would like to thank the Owner Forces Motrices de l’Hongrin to allow 
for the publication of this technical paper, Norbert Géologues-Conseils SA for the input on 
geological issues, and both construction companies JPF SA and InfraTunnel SA in Switzer- 
land for all technical exchanges and the development of this innovative and tailor-made con- 
struction method as presented in the paper. 
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Analysis and numerical simulation of mechanical interaction 
between ground and elastic supporting elements for circular tunnel 


T. Nishimura & M. Kohno 
Department of Civil Engineering, Tottori University, Tottori, Japan 


ABSTRACT: The activation of the support load of the ground and the interaction with 
the installed support system must be a key to the stability of the surrounding ground of 
tunnel. The activation has been illustrated by the Ground Response Curve (GRC) and the 
Support Response Curve (SRC). GRC is presented as an analytical solution for the problem 
of stress-displacement around the tunnel in an elasto-perfectly-plastic medium. Displace- 
ments are computed from the integration of strains, which are decomposed into elastic and 
plastic components. A mechanical modeling for shotcrete and steel sets is introduced and 
the model consists in treating the composite section of a straight beam as a homogenized 
section of equivalent mechanical properties of the two different materials. SRC is analytic- 
ally expressed with the force — displacement relation of the composite section. A series of 
FEM simulation is conducted to represent the interaction between the ground reinforced 
with rock bolt and the composite liner. 


1 INTRODUCTION 


1.1 The ground response curve 


The stability of tunnel by the conventional excavation is treated based on a thought whereby 
the ground surrounding an underground opening becomes a load bearing structural compo- 
nent. The thought considers the activation of the support load of the ground and the inter- 
action with the installed support system. The activation will result in a minimization of load 
supported by the artificial support elements, such as shotcrete, steel sets and rockbolt. The 
mechanical concept of this method is characterized by GRC and SRC. The tunnelling method 
has been used in the wide range of ground conditions, soft or hard, and shallow or deep. The 
problem of assessing the mechanical stability of tunnel ground itself and the interaction with 
the support elements is an important geotechnical problem with practical applications in the 
field of civil engineering. If the state of stress exceeds the strength of the ground due to the 
stress redistribution, yielding may occur in the vicinity of the tunnel opening. To prevent large 
deformation and the collapse in the ground during construction, support pressure must be 
applied to establish the load bearing zone within the ground in the vicinity of the opening. 
Figure 1 shows a schematic representation of ground reaction curve, and it is often said that 
the optimization postulates the curve turning upward (Rabcewicz, 1969, JSCE, 2016). The 
abscissa is the relative radial displacement and the ordinate the lining pressure. This figure 
also shows that the lining must be installed at the timing to meet at the minimum point of the 
GRC, not too early and not too late, to avoid the increase in the load to the liner. The stress 
state around tunnel face can be expressed in the three-dimensions, representing major, inter- 
mediate and minor principal stresses. Excavation-induced stresses shown in Figure 1 has been 
primarily restricted to two-dimensions and the axial symmetry of both the geometry and the 
stresses is assumed. Numerical studies on GRC have been reported, e. g. Sezaki et. al. (1994), 
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Figure 1. Schematic representation of ground reaction curve turning upward (Rabcewicz, 1969, JSCE, 
2016). 


Support Load by ground 


t 09 up uS u SSE y RB O,g=0 


GR+SS+SC+RB 


Figure 2. Schematic representation of ground reaction curve described in this paper. 


Nisihimura (1991) and such solutions incorporate the effect of gravity and the strain softening 
behaviour of rocks, nevertheless, the solutions to explain the interaction between the ground 
and liner is never developed (Kovari, K., 1993). 


2 ANALYTICAL SOLUTION FOR GRC AND SRC 


2.1 Summary of the modeling for tunnel excavation 


Ground Reaction Curve (GRC, or Ground Characteristic Curve, GCC) is a characteristic line 
records the decrease of an apparent (fictitious) internal (radial) support pressure, from the 
in situ pressure to zero when considering the unsupported case of a circular tunnel after exca- 
vation. This pressure reflects the tunnel excavation process as the tunnel is being excavated 
(out-of-section) past the section of interest and continues to be excavated beyond the reference 
position (usually the location of the tunnel face) as shown on the right part of Figure 2. The 
internal pressure (o,,) acts radially on the tunnel profile (from the inside) and represents the 
support resistance needed to hinder any further displacement at that specific location. In real- 
ity, this pressure represents an idealized sum of the contribution of the nearby unexcavated 
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tunnel core (surrounding rock mass) and the support installed, and o,a =0 means a fully exca- 
vated unsupported tunnel. GRC depends on the rock mass behavior and it is assumed to be 
linear for an elastic material, but it varies if the material is elasto-plastic or visco-elastic etc., 
as shown in Figure 2. In this paper, GRC is presented as an analytical solution for the prob- 
lem of stress-displacement around the tunnel in an elasto-perfectly-plastic medium. Displace- 
ments are computed from the integration of strains, which are decomposed into elastic and 
plastic components. A plastic potential will give the plastic component. 


Ground y 


Figure 3. Analytical model of circular tunnel with rock bolt, shotcrete and steel sets. 


The contribution of bolt (RB) is modeled as uniformly distributed pressure, then the effect 
can be expressed with the line branching off from the relation of non-supported ground reac- 
tion curve. A mechanical modeling for shotcrete (SC) and steel sets (SS) is introduced and the 
model consists in treating the composite section of a straight beam as a homogenized section 
of equivalent mechanical properties of the two different materials. The straight line u,""—>G" 
shows SRC, the force-displacement in radial direction of the liner composed of SS and SC, 
however, the interaction between the liner and the ground along the contact surface is not 
considered. This figure illustrates the theoretical relations obtained in the following chapter. 

These two curves (or relations), GRC and SRC, give a preliminary estimation for the load 
shared by the ground and the liner. A series of FEM simulation is also conducted to represent 
the interaction between the ground and the liner. The numerical result, which branches off 
from the non-supported line, GRC, presents the effect of the liner, i.e. confinement of the con- 
vergence. Significantly less computational resources are required compared to the finite- 
element method; hence, this analytical method is well suited at the preliminary stage of 
a project to conduct extensive sensitivity analyses and identify critical support scenarios. 


2.2 Model setup for analytical solution 


The analytical model described here specifically allows an improved understanding of the role 
of variables involved in the problem. Each variable acts as a part on the resulting overall sta- 
bility of the opening. A cylindrical cavity of radius, a, is excavated in ground. A Cartesian 
coordinate system, (x, y), is considered to have the origin at the center of the cavity (point 
O in Figure 3). Figure 3 shows a cylindrical cavity of radius, a, in a media subjected to the 
uniform compression 6,9=6y9=0o. This is the model to have an analytical solution for assess- 
ing the stability of ground due to tunnel excavation. Several methods have been developed to 
address the problem of stability of underground excavations. The initial (or in-situ) vertical 
stress, Gyo, is considered to be lithostatic, i.e., oy=y(A-y) and the initial (or in-situ) horizontal 
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stress, Oxo, is obtained by multiplying the coefficient of earth pressure at rest, Ko, and the ini- 
tial vertical stress, i.e., 6x9= Koyo. Under this initial stress condition, it is obvious that the 
plastic area is never developed with circular shape and the equilibrium in force can be equated 
with both in radial direction and tangential directions. To avoid the complex formulation, the 
simple modeling for the initial stress state, i.e., the isotropic condition in infinite media, is 
assumed in this study as seen in Figure 3. This media is assumed to be elastic-perfectly-plastic 
material expressed with the Mohr-Coulomb failure criterion and the state of stress in the 
circle of radius R is expressed by the failure criterion. The stress field inside the circle of radius 
R represented in Figure 3 is compatible with a plastic state which is expressed with the Mohr- 
Coulomb failure criterion while the stress field outside the circle is compatible with an elastic 
state which is defined by the isotropic stress field. Inside the plastic circle, the stresses are 
assumed to be redistributed due to stress release to explain the progress of excavation in the 
cavity of radius a. Note that in the plastic circle, radial stress, o,, and tangential (or hoop) 
stress, 69, are assumed to be the principal stresses, nevertheless accounting the self-weight 
under gravity field. The contribution of bolt (RB) is modeled as uniformly distributed pressure 
on the tunnel wall and the end of bolt. 


2.3 Analytical solution for GRC 


Considering a polar coordinate system, (r, 9), the force equilibrium equations inside the plastic 
circle, neglecting the self-weight of the ground material, can be derived as a differential equa- 
tion. For the radial direction, the equation is: 


do, y (1 — ¿o — Se 
dr r 


=0 (1) 


where C=(1+sing)/(1-sing), S.=2ccos¢/(1-sing), c is the cohesion and ¢ is the friction angle. The 
Mohr-Coulomb failure criterion is expressed in terms of principal stresses, assuming that 
radial stress, o,, and tangential (or hoop) stress, 69, are the principal stresses. Solving eq. (1), 
the solution of o, only is obtained for C>1 (¢>0): 


wari OR AO @) 


Considering the following boundary condition: 6,=o,, at r=a, this equation can be 


rewritten: 
Se. \(R\'S S 
o= (mE) - AS 6) 


where the stress in radial direction on r=R (plastic radius), og + o,r = 209 and og = o,r + Se. 


The radius of plastic circle is given as follows: 


(4) 


Displacements are computed from the integration of strain. Note that due to the symmetry 
of the problem, the tangential displacements are always zero. Assuming small deformation 
analysis, the increments of strain are decomposed into elastic and plastic. In the plastic area, 
the material must obey the yield condition. The Mohr-coulomb criterion in two dimensions is 
introduced to evaluate the stress state in the plastic area and a plastic potential can be given 
the following form: 


788 


(5) 


where y is the dilation angle and y = 0 means the associated flow rule. A flow rule gives the 
plastic strains, then, one gets the following expression: 


1+siny 
EE 
1 — siny 


P +e? =0 (6) 


Rewriting eq. (6) as a function of displacements, the following is obtained. 
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Figure 4. (a) Schematic representation of a section of liner consisting of different materials SC and SS, 
(b) Equivalent section for the composite elastic liner. 


Length of bolt L = b— a 


Figure 5. A uniformly distributed pressure at the tunnel opening and at the end of the bolt, equivalent 
to the tension T of the bolt. 


where N, = (1 + sin y)/(1 — sin y) With the condition of displacement on r=R, the radial dis- 
placement in the plastic area is given: 


1 +v RN 


t= (po — ora) (8) 


where E: Young’s Modulus, v: Possion’s ratio of the ground material. 


789 


2.4 Analytical solution for SRC 


This section describes a methodology for the mechanical model of the composite liner consist- 
ing of shotcrete and steel sets as illustrated Figure 4(a). The modeling consists in treating the 
composite section of a straight beam as a homogenized section of equivalent mechanical prop- 
erties. Figure 4(b) shows a circular arch of thickness teq. This figure represents the balance of 
bending moment, thrust and shear forces along the stretch of arch of differential length R,d0. 
The equations of the equilibrium are (Fliigge, 1967): 


dQ 
do 


D dug K du, K du, 

N R (ut) a (ut Se , M R ur +p 
In this expression, K=EI, D=EA for plane stress condition and K=ElI/(1-v’), D=EA/(1-v’) 
for plane strain condition, /: moment of inertia of area, A: area of cross section. The charac- 
teristic of the arch can be expressed in terms of non-dimensional parameter č = DR?/K. For 
a rectangular section of arch of radius R., thickness ¢ and width wp, the area is w,t and the 


moment of inertia is =w,1°/12 then € = 12/(t/R)*. For the smaller value of #/R, this may rep- 
resent the case of thin liner and eq. (9) is 


D dug 2K (Pu 
wa- (ult), mo- (84) m 


Figure 4(a) shows a schematic representation of a section of liner consisting of different two 
materials SC and SS, and the equivalent section for the composite liner. The thickness teq and 
the equivalent Young’s modulus Esq are 


—~N+p,R=0, —+QR=0 (9) 


Tome 12(K; + Kp) _ (Di + D2) (11) 
A D; + D2 Ma leq ` P 


where D,, Kı are for shotcrete and D>, K> are for steel sets. Detailed for the derivation is omit- 
ted because of the limitation of page. 

The solution of the tunnel ground reinforced by bolt is obtained with the assumption that 
the contribution of the bolt can be approximately as uniformly distributed pressure. At the 
tunnel opening the support pressure is po, where T is the tension, Sp is the tangential spacing 
of the bolts at the tunnel perimeter, and S, is the spacing in the axial direction. At the end of 
the bolt, the pressure is directed inwards. The following is the solution of a deep circular 
tunnel in homogeneous and isotropic medium with Coulomb brittle failure and supported 
with uniformly distributed pressure at the tunnel opening and at the end of the bolt, equiva- 
lent to the tension T of the bolt. The boundary conditions are: 


l)o, rza = Pra + Po Po = so Sa = ao 
ising a 
2) 06|-=R = Co, + Se where C= —sin ġ Se = —sin ġ 


3) Or|;=R-dr 7 Orlp—R4dr 
4) Ur| p= R—dr 7 Url —R4dr 
5) Or|r=b-dr 7 rl pba = ;P0 


6) arlo = F0 


in À hin p 
7) T= { (uit b u| a (wta ulita) Sea 


In the first condition, o,, is the internal pressure, and A, is cross-sectional area of the 
bolt, b the radial distance to the tip of the bolt, i.e. the bolt length L=b-a. as shown in 


Figure 5. 
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Figure 6. An example of the theoretical calculation for E=500(MPa), v=0.495, o9=2.4(MPa), c=400 
(MPa), ¢=30°. 
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Figure 7. Numerical model of a circular tunnel in an elastic-perfectly plastic ground and supporting 
elements. 


3 GRAPHICAL REPRESENTATION OF GRC AND SRC 


This chapter reports the comparison of analytical and numerical simulations using the solu- 
tions mentioned in the previous chapters. Figure 6 shows the theoretical calculation: E=500 
(MPa), v=0.495, o9=2.4(MPa), c=400(MPa), ¢=30° for the ground material. Properties of the 
supporting elements are E.g=7552(MPa), teg=0.21(m) obtained by eq. (11), using E,=206 
(GPa), A,=3.97107(m7), 1,=1.62*10°(m*), E.=4000(MPa), A.=0.196(m7), [.=6.67x104(m‘), 
and for the bolt E,=206(GPa), Ap=4.52* 10°°(m*) and L=4m. This figure shows two cases of the 
dilatancy, y=0° and 20°. The radial displacement is smaller for y=0°, i.e. incompressible condition 
assumed, and the effect of the bolt installation is much bigger for y=20°. Figure 7 shows 
a computational section of finite element model for a cylindrical cavity. The ground media is 
assumed to be elastic-perfectly-plastic material expressed with the Mohr-Coulomb failure criterion 
and the state of stress in the media is simulated with the stress release on the tunnel surface r=a. 
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Figure 8. An example of the numerical simulation for E=500(MPa), v=0.495, o9=2.4(MPa), c=400 
(MPa), ¢=30°. 


Figure 8 shows the numerical results for E=500MPa, v=0.495 and ¢=30°. Excavation of 
tunnel is modeled with a stepwise release of stress cpa on the tunnel circular envelop from its 
initial value o,4’=o9 and Ko=1. The stress release can be defined as 4 = (o,a? — Ora) /Ora°, 
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where the initial state 2=0 and the fully excavated J=1. The stability of the ground has been 
carefully analyzed with the lowest rate of the stress release AA = 0.01 This figure presents the 
stable state with the failure area in which the state of stress reaches the Mohr-Coulomb failure 
criterion. This figure shows relation for 7 cases: 3 by theoretical results (thin line) and 4 by 
FEM simulation (thick line). These 4 curves by FEM simulation includes the results supported 
by RB and/or SS+SC elements. The support elements have been installed at A=0.8. This figure 
shows an example of displacement confinement by the support elements. Figure 8(b) also 
shows an enlarged view, showing the intersection of the abscissa. As easily seen from Figure 8, 
displacement confinement by all support elements, i.e., supported by RB, SS and SC, is not 
equal to the sum of the confinement by each element. Rebalance in force/stress in the bolt 
element and in the composite element will occur. No-slip condition is applied to the boundary 
on the ground element and the liner element. Numerical properties and boundary conditions 
assumed in this report should be considered to get a better understanding on effect of the sup- 
port elements. 


4 CONCLUSIONS 


There have been reports related to the ground reaction curve, particularly with the use of 
improved analytical and numerical models for the prediction of the stability conditions during 
excavation of the underground openings and the design of the support system to lead the 
ground stable. This paper has presented a quantitative analysis for determining the final con- 
vergence and evaluating the stability of tunnel. The solution has been derived based on the 
assumptions that the ground is modelled with the Mohr-Coulomb material and the circular 
plastic area is developed around the circular cavity. Comparison of the results obtained with 
a numerical tool will predict a more reliable solution for the stability of cavity. The results by 
the analytical solution and the numerical simulation have demonstrated the displacement con- 
finement by the supporting elements. Needless to mention that the solution has been derived 
based on many assumptions, ground is not homogeneous and the stress state is not isotropic. 
In reality, to estimate/evaluate the effect of lining and state of stress in the ground, displace- 
ment measurement will be performed. Further work is required to incorporate displacement 
measurement on site. 
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ABSTRACT: Tunnelling for large scale pumped hydro or conventional hydropower projects 
can be a very challenging component of the overall project development. In contrast to urban 
transportation tunnelling where the logistics for access during the investigation stage and sub- 
sequently the supply of power, water and other essentials are readily available for construc- 
tion, hydropower projects are usually in very remote locations and all necessary plant, 
equipment, spares, and materials need to be brought in and the site must function as a self- 
sufficient unit. This differential also applies to the early geotechnical investigations stage. 

This paper explores the differences in the typical levels of geotechnical investigation under- 
taken for two types of tunnel use: firstly, hydropower and pumped hydro tunnels conveying 
water for power generation and secondly, those for road or rail passenger tunnels. The paper 
compares some of the technical and risk management considerations in the planning, design, 
and construction of tunnels for the conveyance of water vs transportation from the viewpoint 
of different stakeholders to the project. 

The risks categories in urban transportation tunnelling projects are similar to those at 
remote hydropower projects, but the scale of those risks can differ widely. The frequency of 
drilled subsurface geotechnical investigations is an order of magnitude larger in the urban 
shallow transportation tunnel project where typical depths below ground are less than 50m, 
whereas in large scale and remote hydropower the average depth may be several hundred 
metres. 


1 INTRODUCTION 


Infrastructure across the globe is increasingly heading underground: in urban cities the compe- 
tition for affordable space forces many road and rail systems to be in tunnels. In remote, large 
hydropower projects a significant proportion of the scheme is typically located underground 
but for differing reasons than urban congestion. This paper explores the key reasons and con- 
sequences associated with these decisions. 

In the author’s experience of multiple international tunnelling projects in both the hydro- 
power (including pumped hydro) and transportation projects, the uncertainties in tunnelling 
ground conditions are by far more prevalent in hydropower. The reasons are many but can be 
distilled into two key causes: a) the opportunity to undertake cost effective geotechnical 
exploration at the tunnel depth is much increased in the shallow depth urban transportation 
tunnel and b) the urban setting also provides a wide range of extremely valuable subsurface 
conditions from previously constructed neighbouring projects such as deep foundations for 
buildings, sewers, deep pipelines, water utility tunnels and other transportation tunnels such 
as rail and metro lines. No such bonus information typically exists in remote hydropower 
projects. 
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2 FEATURES AND KEY DESIGN PRINCIPLES FOR THE TUNNEL TYPES 


2.1 Overview 


In both types of projects, the implications for fire-life-safety aspects and tunnel ventilation are 
significant, though the passenger systems clearly have more constraints governing the layouts. 
Passenger systems will have stations in the case of rail projects, with cross-passage and egress 
arrangements for road tunnels, whereas the non-waterway underground elements of hydro- 
power systems may contain deep caverns housing generating equipment with the need for 
operators to be provided with safe egress in the event of incident. 


2.2 Tunnelling for urban transportation 


The urban transportation tunnel is designed to carry trains/cars/services whose operational 
parameters will dictate the alignments, grades and layouts for passenger safety. The designer is 
highly constrained by these requirements and the freedom of alignment is further constrained 
by the existence of suitable corridors for locating stations, portals and the surface works neces- 
sary to construct the tunnels. Furthermore, existing obstructions, the presence of neighbouring 
building foundations and the long, gentle gradients for on/off ramps for road tunnels or station 
depth considerations for rail, mean that once these are set at conceptual stage the subsequent 
changes are more likely to be minor adjustments than large scale re-alignments. 


2.3 Tunnelling for hydropower 


2.3.1 Overview 

The hydropower tunnel designer’s aim is to meet the ultimate purpose of a hydropower 
scheme, which is to generate electricity for sale. Tunnelling is usually a very challenging com- 
ponent of the overall development for hydropower projects, made harder by the typical pau- 
city of borehole information along the alignment. In contrast to urban transportation 
tunnelling where the logistics for access and supply of electrical power, water and other essen- 
tials are readily available, hydropower projects are usually in very remote locations with chal- 
lenging steep terrain and all necessary plant, equipment, spares, and materials need to be 
brought in and the site must function as a self-sufficient unit. 


2.3.2 Freedom of alignment 

The hydro tunnel planners and designers are dealt a different set of constraints to the designer 
for the urban transportation tunnel. The hydro tunnels designer views the absence of the trans- 
port tunnel geometrical constraints as an advantage, giving the designer a back-to-basics free- 
dom to optimize the underground space to suit the function. However, even the hydropower 
pressure tunnels that appear to be simple because they are usually circular and only carry water 
are subjected to a completely different set of operational conditions to urban civil facilities. 


2.3.3 Headrace and tailrace tunnels 

Headrace tunnels are located upstream of the turbines and, in most cases, deliver water that is 
under pressure. In smaller run-of-river schemes some headrace systems adopt open-channel 
(non-pressurised) flow. 

It is important to ensure that rocks over a certain size do not get carried into the turbine. For 
nominally unlined tunnels and shafts however it is often necessary to provide a rocktrap, typic- 
ally comprising a simple arrangement of underground chambers beneath the normal invert level 
that have open slots into which rocks carried along the invert by the flow of water, will fall. 

The tailrace tunnel returns the water back to the river after passing through the turbines. 
Consequently, the pressure is much lower than in the headrace system as the turbine- 
generators extract the energy from the head for the generation of electricity. The configuration 
of the tailrace tunnel needs to be assessed across the full operating flow range for both the 
submerged and open flow conditions in the tailrace tunnel(s). 
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2.3.4 Access adits, services tunnels, and cavern complexes 

Hydropower schemes that contain headrace tunnels, shafts or caverns will require access 
adits. For schemes with a powerhouse cavern there could be several kilometres of tunnels 
spiralling down from the surface to cavern level. A modern cavern arrangement requires 
a complex arrangement of various openings: access/ egress adits, ventilation/cable tunnels, 
shafts, surge tunnels, etc. Consideration must therefore be given to flooding of the decline 
during construction or in the operational stage, permanent dewatering arrangements and pro- 
vision of fresh air to the decline(s) during maintenance inspections. Fire and life safety aspects 
including emergency egress provisions are also very important considerations. 


3 COMPARISON OF GEOTECHNICAL INVESTIGATIONS - PRACTICAL 
LIMITATIONS 


3.1 The primary and secondary data zones 


Boreholes drilled in the geotechnical investigation program are planned to target a primary 
data zone (PDZ) in the vicinity of the tunnel itself. This is to obtain data directly within the 
envelope of the proposed tunnel opening size plus immediate influence zones surrounding the 
tunnel opening. For shallow tunnels in the urban setting typically the PDZ will overlap with 
the whole of the zone above the tunnel up to the ground surface, as data within that entire 
zone in an urban setting is considered primary as it needs to be modelled for potential inter- 
action between the proposed tunnel structure and the surrounding existing structures, for 
example surface or subsurface settlements. 

For deep tunnels, typically those for hydropower in the several-hundreds of metres depths, 
boreholes will also yield secondary data as the hole is drilled from the surface to reach the 
PDZ. Whilst the secondary data is important for building a geological model, it is considered 
herein as secondary as it has far less direct influence on the tunnel structure design than that 
generated from the PDZ information. 

In example project comparisons described below, let us consider 7m diameter tunnels each 
for urban rail and for water conveyance in remote hydropower. Generally, the most important 
information for the tunnel structure itself are the ground parameters for a zone depth of 
about 35m: this is based on the PDZ being 2.5D above the tunnel and 1.5D below the tunnel, 
where D is the diameter, hence a total PDZ depth of 5D, or 35m in this example. This PDZ 
typically allows near-tunnel boundaries to be established with more detailed information con- 
tained within it, with decreasing levels of details beyond the PDZ, though there will be 
assumptions made for those outer zones where initial data is not available. If there are uncer- 
tainties for the final vertical alignment then the boreholes should extend further to cover any 
possible deeper alignments. 

The above descriptions of primary and secondary data zones are highly simplified but used 
here to illustrate one of the key reasons why the amount of primary data obtained for remote 
and deep hydropower tunnels differs so much from the primary data obtained for urban trans- 
portation tunnels. Cost of the boreholes and environmental constraints for access for drilling 
are major factors, but the depth to simply obtain the critical information from within the 
PDZ is the underlying reason. 

Let us consider two similarly sized tunnelling projects: 


— An underground railway or Metro within a city. 15km length, twin tunnels of 7m diameter, 
and seven station boxes, average depth to crown below surface of 40m (so six stretches of 
tunnels between stations each length 2.5km, ignoring station box lengths) 

— An underground high-head hydropower (or pumped storage hydro) project: 15km of 
waterways length, single waterway comprising headrace tunnel, pressure shaft, pressure 
tunnel and tailrace tunnel, all 7m diameter, varying depth to crown below surface ranging 
from 100m to 800m. 


The railway tunnel project will have relatively easy and cost-effective access to drill holes 
closely spaced along the alignment which when added to the existing data knowledge from the 
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built environment such as other tunnels and buildings with deep foundations, the data bank is 
very large. 

The hydro project must start from almost zero existing first-hand knowledge of the condi- 
tions at depth. It is unlikely that any nearby projects would have any data at depth and if there 
were the extrapolation assumptions would be high; and quite likely for there to be nothing at 
all already available. To reach a tunnel located 800m below the surface will require a hole of 
slightly longer than 800m deep to be drilled, to obtain the primary data from within the 35m 
long PDZ, hence most of its length is ‘secondary’ and necessary just to reach that zone. 


3.2 The number of boreholes 


The urban rail project will very likely have access to subsurface geotechnical data at an aver- 
age of less than 100m spacing along the tunnel, and in some zones concentrated together, 
much closer. For this comparison between the two types of tunnelling projects, consider there 
are new boreholes funded by the rail project at feasibility or tender stage at 100m spacing 
along the 15km alignment. This ignores the additional holes for the stations, some of which 
might even by caverns, so this baseline data set for the rail project is a low estimate. The aver- 
age hole depth will be 57.5m (40m to crown plus the tunnel D plus the 1.5D below the tunnel), 
making a total drilled length of 8,625m based on 150 boreholes. The total length of the PDZ 
drilled would technically be 5,250m (being 150 holes x 35m (PDZ)) or 61% of the total drilled 
length, however as explained earlier, for urban tunnel depths up to say 40m — 50m, it can be 
argued that all of the zone above the tunnel is a PDZ due to neighbouring infrastructure, and 
therefore the PDZ represents 100% of the total drilled length. 

Compare this with drilled boreholes for the remote hydro project having just ten boreholes 
ranging in depths from surface to tunnel crown from 100m to 800m, as tabulated in Table 1. 
In this example there are ten boreholes planned over the 15km long scheme. Other holes 
would be needed for service tunnels used to gain access down to the caverns, however this 
example just compares the power system waterways longitudinal section as it can be simply 
envisaged as a comparison with the urban rail tunnel example previously described. Eight 
holes are for exploration of tunnels and caverns at varying depths and two holes are for 
shafts. The shaft holes are effectively 100% relevant to the PDZ. On the assumption that 
during this stage of investigations the two holes targeting the powerhouse and transformer 
caverns comprise just two deep holes, one inclined and one vertical, the PDZ depth for the 
caverns is assumed as 100m and 80m, respectively. 


Table 1. Example of the primary data zone captured as part of the borehole program for power system 
tunnels in a remote hydropower project. 


Depth to Primary Primary Data 
Hole tunnel Drilled Data zone Zone as % of 
No. Feature explored crown, m Depth, m depth, m Drilled Depth 
1 Headrace tunnel 100 117.5 35 30 
2 Headrace tunnel 250 267.5 35 13 
3 Surge shaft 150 167.5 150 100 (shaft) 
4 Pressure shaft 800 817.5 800 100 (shaft) 
5 Pressure tunnel 750 767.5 35 > 
6 Powerhouse cavern 700 717.5 100 14 
7 Transformer cavern 700 717.5 80 11 
8 Tailrace tunnel 400 417.5 35 8 
9 Tailrace tunnel 300 317.5 35 11 
10 Tailrace tunnel 100 117.5 35 30 

4,425 1,340 30 
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Table 1 indicates from this simplified hydropower example that the PDZ represents about 
30% of the total drilled length. This number is skewed given that two holes are for shafts and 
so all of that drilled information can be considered primary data. The illustration, however, is 
that significant effort goes into drilling very expensive holes for capturing only a small propor- 
tion of specific primary data in the vicinity of the tunnels or caverns themselves. 

The key comparison from the results from these two project examples is that the most 
useful information from the targeted PDZ’s amounts to the following: 


— The rail project: 5,250m running length of PDZ data across 150 boreholes, so every 100m. 
— The hydropower project: 1,340m running length of PDZ data across 10 boreholes, on aver- 
age every 1.5km. 


The comparative cost of the two drilling campaigns is not assessed here, however given the rela- 
tive ease of undertaking 150 shallow depth urban holes with a total drilled length of 8,625m com- 
pared to the challenges of mobilizing workers, equipment and consumables to undertake 10 deep 
remote holes in mountainous terrain with a total drilled length of 4,425m the overall costs may 
not be too different. However, the urban project yields a magnitude higher degree of frequency of 
PDZ information. If the cost was similar, it is clear that the risks are significantly higher for 
uncertainty of ground conditions in the hydropower project. 

Another metric such as the number of boreholes per km length of tunnel would be for the 
above examples: 


— The rail project: 10 holes per km 
— The hydropower project: 0.67 holes per km. 


It could be argued that the rail project metric is 5 holes per km, given that there are twin 
tunnels of total tunnel length 30km, but clearly the example presented is intended to show 
that any hole would yield relevant information for both twin tunnels. 


3.3. Recommended levels of investigation 


This paper is not intended to give recommendations for the number of subsurface investiga- 
tions required for projects. The two examples presented are representative of project levels of 
investigation at early stages of development seen by the author. Several sources give generic 
guidance, but typically only as a simplified metric of number of holes per km length of tunnel 
or for levels of expenditure in terms of percentage spend on geotechnical investigation against 
the total expected project value. Whilst still useful benchmark metrics, they have not been 
made with hydropower in mind and are mostly for transport tunnels, so of little guidance to 
the hydro designer. The U.S. Department of Transportation, Federal Highway Administra- 
tion, Technical Manual for Design and Construction of Road Tunnels — Civil Elements gives 
guidelines for vertical borehole spacings as follows (summarised and edited): 


Table 2. Typical borehole spacings for road tunnels. 


Typical borehole 
Ground conditions spacing, m 
Rock tunnelling: 
— Adverse conditions 15 to 60 
— Favourable conditions 150 to 300 
Soft ground tunnelling 
— Adverse conditions 15 to 30 
— Favourable conditions 100 to 150 
Mixed face tunnelling 
— Adverse conditions 8 to 15 
— Favourable conditions 15 to 25 
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The ITA Working Group 2 ‘Strategy for Site Investigation of Tunnelling Projects’, ITA 
Report No. 15/May 2015 states that case histories of site investigations of tunnels in the 
U.K. indicate that the cost for the preliminary and detailed investigations is generally less 
than 3% of the construction cost and may exceptionally go as low as 0.5%. It suggests that 
investing less than 1% of the total project cost in site investigations is generally considered to 
be risky. The ITA WG2 also very sensibly and in plain language states that the Owner has to 
be aware that investigation should be planned on the basis of needed information and not on the 
basis of cost, and that sufficient time and budget have been devoted. 

It should also be considered that many urban transportation tunnels for road or rail will have 
twin tube tunnels, therefore a borehole located along the alignment, say between the planned 
tunnels, would yield useful information for both tunnels. Whereas the typical hydropower tunnel 
will be a single tunnel and all efforts for exploration are targeted for just the single tunnel. 

When considering metrics, it is also important to consider the staging of geotechnical inves- 
tigations. The initial subsurface exploration campaign is usually in the feasibility stage for 
a hydro project, with subsequent campaigns undertaken to fill in gaps in information from 
previous stages. 

It is therefore reasonable to assume that the differential in metrics between the urban trans- 
portation tunnel project and the remote hydro project will remain broadly similar throughout 
all stages of each project. At the initial concept stage when the idea is first tabled, the urban 
transportation tunnel project will already be far ahead of the remote hydro tunnel project in 
terms of existing knowledge of anticipated ground conditions, due to the presence of existing 
city-wide geotechnical data. At best the hydro project will have benefitted from a geological 
walkover of just the accessible areas, but these are surfaces located several hundreds of metres 
above the proposed tunnels. 

Ultimately the remote hydro tunnels will never match the urban tunnels for metrics on data 
gathering. Therefore, the contractual mechanisms for tunnelling in the remote hydropower 
need to be in place for appropriate risk apportionment to deal with the inevitable higher levels 
of uncertainty than exist in the urban setting. 

In summary, metrics need to be handled with care. 


3.4 Planning and design considerations for the investigations 


The cost budget will naturally be a dominant factor in deciding what investigations can be 
afforded at each of the development stages. To properly plan the boreholes on the remote 
hydro project a reasonably good surface topographic survey will be required to establish 
access points. However, some projects are in virtually impenetrable jungle where access road 
development can be a project in itself. One cautionary aspect to watch for relates to errors in 
judgement based on aerial survey above thick jungle due to variable tree heights — hidden 
streams and watercourses can disguise a much lower ground surface local to the stream, due 
to the trees growing taller in such wet zones. The surface depression which could be tens of 
metres different from surrounding areas would likely be disguised with almost no observable 
difference in tree canopy level, or just subtle changes which require a keen eye to spot. 

In one such long hydropower aqueduct transfer tunnel which was planned to be nominally 
unlined, except for areas of known rock cover at which it would be concrete lined to minimise 
water losses from the pressurised tunnel aqueduct, it was speculated that in some areas of rela- 
tively low cover, it was borderline in the cover depth for requiring a concrete lining. To gain 
access to the stream area at the surface to do conventional boring was just too complex, envir- 
onmentally challenging, and costly. The tunnel was assessed to be adequately deep for the pur- 
poses of tunnel excavation by drill-and-blast, even accounted for the possible error band in 
the total cover above the tunnel, but the degree of sound rock cover over the tunnel to contain 
the operational internal water pressure was uncertain. The solution was to drill upwards from 
within the excavated tunnel at several locations along the expected low cover zone; the drilling 
objective was to determine the depth of rock cover above the tunnel and the total depth to 
surface, for the purpose of finalising the in situ concrete lining design. This is not 
a recommended approach but turned out to be a workable solution in that project. 
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4 TUNNEL CONSTRUCTION 


4.1 Overview 


Whatever tunnel construction method is adopted, the ground investigation is key to determin- 
ing the method, risks, contingency plans and the basic conditions anticipated to be encoun- 
tered. The previously discussed subjects of how many PDZ’s are targeted are directly relevant 
to the tunnel excavation design and construction, whether the excavation is to be by tunnel 
boring machine (TBM), roadheader or drill-and-blast. 


4.2 Urban area transportation tunnels 


The dominantly used tunnelling techniques in urban schemes are TBMs and roadheader, with 
sometimes drill-and-blast for certain applications but this is rare. TBMs are rarely constrained 
from being used for such schemes on alignment/ geometrical grounds as the gradients and 
curve radii dictated by operational requirements for trains or vehicles normally govern the 
alignment and those are not normally onerous for TBMs. The normal long tunnel lengths in 
major transportation projects justifies their use. 


4.3 Remote hydropower water conveyance tunnels 


Also termed headrace, tailrace or low/high pressure tunnels, these tunnels will likely by fully 
lined with a circular profile, either in concrete or steel. The adoption of unlined waterway tun- 
nels is now rare so this paper concentrates on those which are fully lined. 

For hydropower schemes TBMs are suited mainly to reasonably long headrace or tailrace 
tunnels, say where the length is at least 600 times the diameter. TBMs will mostly be excluded 
from choice for many of the scheme’s complex warren of tunnels in the vicinity of powerhouse 
caverns due to the tunnels’ multiple tight curves and steep grades. If the project is a design- 
and-construct contract where the choice of method is open, then there may not be the oppor- 
tunity to carry out sufficient site investigation works to confirm the feasibility of the use of 
TBMs with sufficient number of investigation locations. This topic may appear contrary to 
the experiences of the urban tunneller where the time and costs required to obtaining reliable 
topographic and geotechnical studies along the proposed route are modest, but as described 
earlier it is a different case in steep mountainous terrain or remote jungle. 

In remote areas, the use of drill-and-blast tunnels with multiple headings is still common- 
place. When considering, for example, a 20 km length of transfer tunnel of diameter 5 m, 
there will be clear advantages and disadvantages for both the TBM and drill-and-blast 
options. The 5 m diameter sits neatly within the constructability comfort zone for both 
methods, so the decision comes down to schedule, economics, logistics and availability of suit- 
ably skilled labour. A 20 km tunnel is too long for a single TBM given the likely project time 
constraints that most projects have, so therefore two or three TBMs might be considered 
viable to meet the schedule and budget. However, the mobilisation of multiple TBMs to 
a remote area is a major undertaking. With modern computer-controlled drilling jumbos the 
progress rates in drill-and-blast are impressive, despite the likely need for multiple access adits 
to be constructed to service the multiple drill-and-blast headings. 


5 RISK MANAGEMENT IN RELATION TO THE LEVEL OF GEOTECHNICAL 
UNCERTAINTY 


In urban transportation tunnelling projects, the risks categories are similar to those at remote 
hydropower projects, but the scale of those risks can differ widely. The frequency of drilled 
subsurface geotechnical investigations is an order of magnitude larger in the urban shallow 
tunnel project where typical depths below ground are less than 50m, whereas in large scale 
and remote hydropower it may be several hundred metres on average and the affordability for 
investigations is just not available in most projects at the early stages to match even a fraction 
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of what the urban tunnel can commit to. The spacing of drilled holes is therefore significantly 
further apart in the remote setting. 

To deal with this differential there is a growing trend for at least the underground elements 
of hydropower projects to have a risk sharing mechanism to deal with the inevitable lower 
levels of certainty in geological risk. In large hydropower projects comprising tunnels as well 
as dams, electro-mechanical works, transmission lines and other supporting infrastructure, the 
underground works costs may not dominate the entire project cost. However, the unforeseen 
risks lie mostly here and so a target price type of contract can be developed with only the 
underground works subjected to such an approach. This gives a better risk apportionment 
between the employer and the contractor and does make sense given that the owner essentially 
owns the ground through which the contractor is contracted to excavate. 

The relatively new FIDIC form of contract, Conditions of Contract for Underground Works 
(2019 Emerald Book) is a welcomed new approach which covers risk apportionment of the 
underground works and is very relevant for use in hydropower. In conjunction with 
a geotechnical baseline report (GBR), which sets the boundaries of certain geological charac- 
teristics as derived from the pre-tender stage site investigation, and thereby sets a trigger level 
for exceedance, the target price mechanism (TPM) aims to deal with risk apportionment 
between the owner and the contractor. 

Each element would have assumed lengths of each rock category and the contractor would 
price the unit length of each category for each of the five elements, thereby building up the 
Tender Price. As the excavation proceeds the outturn price will be adjusted depending upon 
actual ground conditions encountered. There will be upper and lower bound price adjustments 
to the Tender Price for all underground works included as part of the TPM, and outside of 
this range, higher or lower, there will be a cost sharing equation on a sliding scale which might 
be split such as in Table 3. 


Table 3. Simplified outline for target price mechanism. 


Payment of additional costs (the outturn cost of worst ground conditions across all elements) 


Up to: Owner Contractor 
110% 0% 100% 
120% 55% 45% 

130% 85% 15% 

130% + 100% 0% 
Sharing of savings (the outturn cost of better ground conditions across all elements) 
Up to: Owner Contractor 
90% 0% 100% 

80% 55% 45% 

70% 85% 15% 

70% - 100% 0% 


6 CONCLUSIONS 


There are a variety of data metrics which could be presented but focusing on the metrics asso- 
ciated with actual PDZ information captured per km length of tunnel or shaft, multiple stake- 
holders for projects in the planning stages would be able to gauge their own project’s risk 
profile against some previous project outcomes. No two projects are the same but if the assess- 
ment was sufficiently wide ranging the data would likely present a compelling argument for 
the adoption of increased site investigation in the remote hydropower project, together with 
a compelling case for the adoption of a robust risk sharing contractual mechanism. It is clear 


801 


that metrics applied from one project are not directly suited to another project and need to be 
handled with care. 

For what could be a similar cost in undertaking the two different geotechnical investigation 
campaigns, the results from the two examples showed that the urban tunnel yielded 4 times 
the amount of directly targeted PDZ data than the hydropower project, and that PDZ data 
was distributed 15 times more frequently spaced along the tunnel alignment. This is compel- 
ling evidence that the urban tunnel will have a much lower risk profile for geotechnical uncer- 
tainty when compared to the remote hydropower tunnel. 

The author believes that the international tunnelling community would have a keen interest 
in learning about some real case studies assessing the outcomes of contractual claims for 
unforeseen ground conditions as a comparison between the urban transportation tunnel and 
the remote large scale hydropower tunnel. This would be an ideal undergraduate topic for 
a paper. The extent to which the differences in the number of boreholes drilled and PDZ data 
obtained in pre-construction stages between the two types of tunnels would likely be 
a contributing factor, and of great interest to all parties in the tunnelling community. 
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ABSTRACT: As part of the construction of Copenhagen Metro M4 line, an underground 
concourse hall is proposed at Ny Ellebjerg station (“CRSH6”), to enable passenger inter- 
change between the new M4 metro line, commuter train lines (“S-tog” and “Ringbane”) and 
the regional train line (“Øresundståg”). As part of the overall M4 project, a future Over Site 
Development (“OSD”) is planned at this location, extending above and around the newly con- 
structed metro infrastructure. Whilst the design of the OSD was in its very early stages, it was 
evaluated that some of the foundations for this structure would need to be constructed during 
the M4 line construction period (within CRSH6) in order to be feasible. The design of these 
foundations considers different development and loading scenarios from the OSD, and the 
impact on the M4 line tunnels — both during construction of CRSH6 and in the period during 
and following the OSD construction. 

To maximise the potential footprint of the future OSD, it was necessary to locate some of 
the foundations within 1 m of the M4 tunnels. Different foundation concepts were considered, 
and a detailed comparative risk evaluation was undertaken for the options considering the 
construction of the foundations and their impact on the M4 tunnels. This risk evaluation con- 
sidered analyses of the likely tunnel movements and their associated impact on watertightness, 
structural integrity and railway operation. A solution comprising heavily loaded large diam- 
eter “conventional” bored piles within Bryozoan Limestone was chosen, with partially- 
constructed structural columns terminating at ground level to minimise the impact on oper- 
ations during the OSD construction period. 


1 INTRODUCTION 


1.1 Background 


With the extension of the M4 Line (Sydhavn branch), by 2024 the Ny Ellebjerg station, by 
then called København Syd, will become one of the busiest train stations in Denmark. In add- 
ition to the main M4 metro construction (CRSH1), other ancillary projects, such as 
a common concourse hall (CRSH6) and a transfer tunnel (CRSH7) are on-going, while the 
transfer tunnel CRSHS5 is already completed. The area is part of an urban development, which 
also includes the design of an Over Site Development (OSD) above the existing infrastruc- 
tures. The extension of the OSD is still under evaluation, nevertheless in conjunction with the 
common concours hall project, the provision for part the OSD foundations have been 
designed and are under construction, this will ensure less disturbances during operation, while 
the OSD will be built. 
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1.2 Description of the site 


1.2.1 Geology 

The geology in Ny Ellebjerg is fairly homogenous and consists of up to 4.5 m deep 
layer of fill, primarily clay fill with subordinate sand and gravel. Glacial deposits are 
present below the fill layer with a thickness of up to 2.5 metres. These are primarily 
consisting of clay till with thin lenses of sand till. The Bryozoan limestone is encoun- 
tered directly below the glacial till. The top of the limestone layer is glacially dis- 
turbed, and the thickness of the disturbed area varies between 0.6 m and 2.2 m. Inside 
the limestone layers, flint horizons are detected. The flint content fluctuates between 
10 % to 30 %. The limestone is rather hard and has a degree of induration H3 — H4, 
with softer horizons interbedded. 

The primary aquifer at Ny Ellebjerg is present in the limestone and overlying sands 
and gravels where they are in hydraulic connection with the bedrock. Shallow piezo- 
meters screened in the fill and sand/clay till deposits indicate that a secondary aquifer 
is present also. The secondary aquifer is caused by the low permeability clay till 
deposits which acts as an aquitard and confines groundwater above the primary 
aquifer. 


Figure 1. Ny Ellebjerg station plan (CRSHx indicate various construction contracts associated with 
M4). 


1.2.2 Metro station and tunnels 
Ny Ellebjerg metro station (Nel) is a four-level station with the platform level approximately 
20 m below ground level. The concourse level of the station will be accessed by two shallow struc- 
tures, the main station entrance stairs to the east of the station and the secondary stairs to the 
north. The main stairs are linked with the concourse area which is the connecting structure to the 
existing S-train platforms and the regional train platforms. The Metro station itself is approxi- 
mately 78 m long and 19 m wide. The full length of the structure including the overrun tunnel is 
117 m. 

The twin tunnels have an external diameter of 5.50 m, the segment thickness is 0.30 m, and 
the segment length is 1.40 m. The top of the tunnel crown is approximately 15.50 m below 
ground level. 


1.2.3 Additional ground investigation 
In addition to the existing boreholes drilled for the M4 Project, a dedicated Ground Investiga- 
tion campaign was carried out to inform the design of the piles. It comprised of three 
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boreholes, one for each piles group and one borehole coincident with the location of a test 
pile. The maximum length of the boreholes was 40 m. In situ tests (SPT and vane tests) and 
laboratory tests (UCS and PLT) were also part of the Ground Investigation. 


2 OVER SITE DEVELOPMENT AND CONCEPT 


2.1 Concept 


An Over Site Development is planned at Ny Ellebjerg station: the overall concept for the 
OSD was in its infancy at the time of the CRSH6 design and construction period, a decision 
had to be made whether to progress with the construction of some of the foundations. A key 
driver in the decision to include the OSD foundations into CRSH6 was the need to keep the 
M4 line operational after opening; by building the foundations and underground works 
prior to the opening of the M4 line, this reduced the risks to the metro operation and the 
concourse hall, as well as removing the need for restrictions on working hours and reduced 
train frequency. 


2.2 OSD configuration 


During the design period for CRSH6, initial structural massing studies were undertaken for the 
OSD to evaluate different options as part of an overall financial model. Selected options were 
taken forward, to inform the expected future column locations and loads for the foundation 
design. Whilst the main stability system for the OSD is planned to be located outside of the 
CRSH6 area, due to the height of the structure, significant lateral loads (due to sway of the OSD) 
could be expected to act on the columns and foundations constructed within CRSH6: analysis 
was undertaken on the overall foundation system to limit these loads due to deflection to accept- 
able levels. 

Shallow and deep piled foundations were initially considered as potential options to support 
the future OSD loads — the shallow option having the foundation incorporated into the Con- 
course Hall structure. Due to the very large vertical loads from the OSD (in the range of 15 
MN to 45 MN), a shallow foundation was quickly discounted, as: 


— the expected settlements of the Concourse Hall structure were evaluated as large, resulting 
in unacceptable differential settlements and potential watertightness issues to the Con- 
course Hall structure 

— the modifications to the Concourse Hall structure would be significant 

— the expected settlements of the foundation for the OSD would be large compared to the 
other OSD 


Deep piled foundations were proposed as a preferred option for the OSD Early Works. 


2.3 OSD Early Works concept 


In order to minimise the impact on operation of the metro and concourse hall during 
the future OSD construction, the OSD EW constructed within CRSH6 included the 
piled foundations, pile caps, and partially-built OSD columns terminating just below 
ground level. The partially-built OSD columns contain mechanical couplers within the 
reinforcement to enable connection to the future OSD columns and works above 
ground level. 

Foundations for three OSD columns were constructed under the CRSH6 construction con- 
tract; these comprised piles of diameters of 1200 mm/1500 mm, pile caps and columns. The 
CRSH6 concourse hall (cast in-situ reinforced concrete box structure) was isolated from the 
OSD EW both vertically and horizontally to prevent load transfer and unexpected movements 
due to loads from the OSD. 
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Figure 2. Column layout (teal) for OSD column and concourse hall. 
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Figure 3. Configuration of OSD EW with future OSD interface. 
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Figure 4. Configuration of OSD EW with future OSD interface. 


3 IMPACT ASSESSMENT ON TUNNELS 


3.1 Movement analysist 


Due to the proximity of the piles under column R3 to the metro tunnel, an assessment of their 
impact on the M4 line tunnels was undertaken. A preliminary evaluation of the expected tunnel 
and rail movements due to loading of the piles showed these to be outside of the standard limits 
adopted elsewhere on the Copenhagen Metro network; therefore, both conventional piled founda- 
tions and sleeved piled foundations (where the transfer of shear stresses into the ground around 
the tunnel would be significantly reduced by the sleeve) were considered in a detailed analysis. 


Figure 5. Plan and Section of Piles at R3 relative to the M4 tunnels. 
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A combination of 2D and 3D finite element analyses were undertaken, to calculate tunnel 
movements and stress changes throughout the lifetime of the M4 line. The analysis considered 
three scenarios: 


During CRSH6 works period: piling works from surface, excavation for the Concourse 
Hall, and construction of the Concourse Hall structure 

— During the operational period of the Concourse Hall and M4 line 

— During construction of the OSD, and into its operation 


@.8 


Figure 6. Scenarios and operational condition for M4 tunnels. 


3.2 Determination of acceptance criteria 


In parallel to the tunnel movement analysis described in the previous section, studies were 
undertaken to assess if the limits on tunnel movements could be increased. These studies con- 
sidered three different aspects of the M4 line: 


— Tunnel structure (e.g. segmental lining, kinematic envelope) 
— Watertightness of gaskets (radial and circumferential) 
— Tunnel furniture (e.g. track, walkways, tunnel equipment) 


Back calculations of the tunnel lining and structure were undertaken, which considered 
likely ring-build tolerances and as-built surveys to obtain the condition of the tunnels prior to 
the commencement of the CRSH6 works. Tunnel movements due to piling works, excavation 
and construction of CRSH6, and construction of the future OSD were imposed on the tunnel 
to evaluate how utilised the capacity of the tunnel structure would be. An equivalent ovalisa- 
tion was calculated for the predicted movements, and the limiting movements for tunnel struc- 
ture and the gaskets were obtained. This analysis showed that larger movements than the 
preliminary limits could be accepted, and these were outside of the range of calculated move- 
ments from analyses. 

Allowable movements on tracks were evaluated, with limits set based on maintenance- 
driven criteria — limits on cant and gauge were less stringent than were specified for the tunnel 
structure and gaskets, and longitudinal limits on curvature and twist set at the standard values 
for the maintenance regime of Copenhagen Metro. 


4 RISK MANAGEMENT 


4.1 Construction risks vs. Operational risks 


Following the impact assessment analyses, detailed risk assessments were undertaken to 
inform the decision regarding foundation approach — these considered both risks during con- 
struction of the CRSH6 works, and risks during the operational period of the M4 line includ- 
ing the construction and operational period of the OSD. Comparing the sleeved and 
conventional pile options, key differences were observed between the construction risks 
(during CRSH6 piling) and operational risks. A summary of the comparative assessment is 
given in Table 1. 

Through the detailed analysis, risk assessments and dialogue with key stakeholders, 
it was possible to increase the allowable movement limits of the tunnel beyond those 
previously adopted whilst still remaining within an acceptable level of risk. In doing 
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Table 1. Comparison of risks between piling options. 


Risk/Consideration Sleeved pile Conventional pile 
Construction Complex Standard-practice 
complexity 
Risks to tunnel — Similar Similar 
during piling 
Impact on construction Slight increase compared to conven- 
programme tional piles 
Cost Increased cost associated with com- 
plexity, sleeve and length of pile 
Risks to tunnel — Very low Low, but acceptable through analysis 
during OSD and proposed mitigation measures 
construction 


so, additional mitigation measures would be required, including instrumentation and 
monitoring of the tunnels and piles: these are described further in the following 
subsections. 


4.2 Mitigation measures 


Mitigation measures were developed for two periods: during the piling works and construction 
of CRSH6, and for the construction of the OSD (and onwards). 

Additional control measures were implemented during the piling works to manage the risks 
of low-likelihood/high-impact events. Such measures included: 


Additional positional surveys of the commencing position of the piles and the location of 
the tunnels 

— Additional measures to increase pile verticality through selection of rigs and guiding frames 
— In-tunnel real-time instrumentation and monitoring 

Regular inspection of the tunnels. 


Control measures for the future OSD construction were specified — many of the risks to be 
managed could occur over a much longer period (and at a slower rate), and hence the mitiga- 
tion measures were broader. These measures included: 


— Strain-gauges installed in the piles (implemented in CRSH6) to evaluate load transfer at the 
tunnel axis level 

— JIn-tunnel real-time instrumentation and monitoring 

— Regular survey and inspection of the tracks, 

— Predictive evaluation of expected track movements, to enable adjustment of the tracks (if 
required) during planned regular maintenance periods. 


More extreme mitigation measures such as propping of the tunnel and/or use of heavier seg- 
ments. These measures were discarded due to the analysis and risk management work 
described within this paper; however, some of these could be considered as a risk management 
tool in the OSD construction period. 


4.3 Instrumentation & monitoring measures 


Special attention has been given to the commencing position of the piles, to avoid mistakes 
that could lead to tunnel damage. Both the contractor and the client carried out an independ- 
ent survey to check the location of the guide walls constructed prior piles drilling. 

As part of the controls to mitigate the risks during the pile’s execution and the OSD con- 
struction, a monitoring strategy has been implemented to safeguard the metro tunnel. 

During piling works, both tunnels were monitored with 10 transects of 3D targets at 
a spacing of approximately 5 metres. The accuracy is sufficient to detect deformations that 
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could compromise watertightness of the gaskets between segments. Tunnel displacements 
recorded during piling were less than 1 mm, which were within the tolerance of the meas- 
urements, and less than (peak) values determined through calculations, which considered 
simplified behaviour of the pile bore-tunnel interaction, and moderate construction con- 
trol A. 

The same set-up will be repeated during the OSD construction when load will be applied on 
the foundations. 


5 CONCLUSIONS 


Construction of large diameter foundation piles within 1 m of tunnels has been successfully 
undertaken through the application of a risk management-driven approach, and use of appro- 
priate mitigation and control measures during the works. The evaluation of construction and 
operational risks has enabled the works to undertaken using conventional techniques and 
equipment. Monitoring data (in-tunnel and in-pile) will be collected for future construction 
stages (Concourse Hall and OSD) and analysed against the design assumptions to inform con- 
struction works near existing tunnel assets on future projects. 
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ABSTRACT: In the construction of underground openings by the conventional tunnelling, 
the stability of tunnel face cannot be ensured depending on rock mass conditions, and collapse 
phenomenon that threatens the safety of workers may occur. For this reason, many studies 
have been carried out about the stability of tunnel face. However, most of previous studies 
have been performed without considering the spatial heterogeneity of geomechanical proper- 
ties. In this study, in order to grasp the effect of spatial heterogeneity of geomechanical prop- 
erties on the stability of tunnel face, basic stability analyses of tunnel face considering the 
spatial heterogeneity of geomechanical properties in soft rock mass were carried out based on 
the random field theory. As a result, it was clear that the effect on maximum shear strain 
around tunnel face became large depending on heterogeneous condition and ratio of strength 
of rock and overburden pressure in soft rock mass. 


1 INTRODUCTION 


In the construction of underground openings by the conventional tunnelling, the stability of 
tunnel face cannot be ensured depending on rock mass conditions, and collapse phenomenon 
that threatens the safety of workers may occur. For this reason, many studies have been carried 
out about the stability of tunnel face. In recent years, Zhang et al. (2015) have studies the face 
stability (especially, limit support pressure and failure zone) of circular shield tunnels in cohe- 
sion-frictional soils using both numerical analysis and limit analysis. Pan & Dias (2017) have esti- 
mated the safety factor of tunnel face with non-circular section using the upper-bound limit 
analysis in combination with the strength reduction technique. Zou et al. (2019) have investigated 
stability of tunnel face considering the soil arching effect by improved failure models using the 
limit analysis and limit equilibrium methods. There are other studies such as analytical studies 
for the face stability of shallow square tunnels in heterogeneous soils (Chen et al. 2019) and the 
face stability of circular tunnels in saturated heterogeneous soils (Zou et al. 2019). 

As mentioned above, many studies have been conducted for the stability of tunnel face, but 
most of the studies have been performed without considering the spatial heterogeneity (i.e. 
heterogeneity in the vertical and horizontal direction) of geomechanical properties (see 
Figure 1). Although there are previous studies considering the heterogeneity of geomechanical 
properties, they only consider the heterogeneity in the vertical direction of cohesion and 
internal friction angle (Chen et al. 2019, Zou et al. 2019). Therefore, it is considered that the 
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effect of spatial heterogeneity of geomechanical properties on stability of tunnel face has not 
been sufficiently evaluated. 

In this study, in order to grasp the effect of spatial heterogeneity of geomechanical proper- 
ties on the stability of tunnel face, basic stability analyses of tunnel face considering the spatial 
heterogeneity of geomechanical properties in soft rock mass were carried out based on the 
random field theory. And, the effect of spatial heterogeneity of geomechanical properties on 
the stability of tunnel face was statistically evaluated by focusing on the maximum shear 
strain around tunnel face. 


_ Depth (m) Ground surface 


—Measuring line — Variation of geomechanical prop 


AMan 


Horizontal distance (m) 


Figure 1. Image of the spatial heterogeneity of geomechanical property. 


2 STABILITY ANALYSIS OF TUNNEL FACE 


2.1 Numerical analytical model 


The finite difference analysis code FLAC3D (Cundall & Board 1988) was adopted for the stabil- 
ity analysis of tunnel face considering the spatial heterogeneity of geomechanical properties in 
soft rock mass. Figure 2 shows the analysis domain and boundary conditions of the stability 
analytical model. Since it is difficult to install the tunnel support quickly near the tunnel face in 
the conventional tunnelling, the unsupported section is set to 1 m in this model. Although this 
model is a three-dimensional model, the plane strain condition in longitudinal section of tunnel 


pan Tg a g 


Excavation 
area 


EY Finne height 
TH Woe 


I | & All displacements 


in the depth direction 
9 are fixed. 
a, Depth : 0.1/2 


Element division in the depth direction : None 
Figure 2. Analysis domain and boundary conditions. 
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is assumed by reducing the depth and giving the boundary conditions shown in Figure 2. The 
element size of this model is 1.0 m x 1.0 m x 1.0 m. In addition, the rock mass was assumed to 
be an elastic-perfectly plastic body based on the Mohr-Coulomb yield criterion. 


2.2 Spatial heterogeneity of geomechanical properties 


In this study, the random field theory (Vanmarcke 2010) was introduced into the FLAC3D in 
order to express the spatial heterogeneity of geomechanical properties in rock mass (Okazaki 
et al. 2022). First, it was focused on the uniaxial compressive strength (UCS) as a spatially fluctu- 
ating geomechanical property, and was assumed that the distribution of UCS followed lognor- 
mal distribution. Here, lognormal distribution is adopted because it is known that the frequency 
distribution of UCS of rock indicates distribution shape close to lognormal distribution (e.g. Ito 
& Kitahara 1985). Then, the spatial heterogeneity of UCS in rock mass was modelled by substi- 
tuting the UCS following to lognormal distribution into each element of the analytical model. 

It is generally known that the correlation between any two positions in rock mass decreases 
as the distance between the two positions increases (Wakai et al. 2005). Therefore, when carry- 
ing out modelling by the above method, it is usually necessary to model considering the auto- 
correlation characteristic of UCS between each element. Although various functions have 
been suggested for modelling such autocorrelation characteristic (Liu & Qi 2018), the fre- 
quently implemented Markovian exponential autocorrelation function (e.g. Kasama & Zen 
2010), which it was assumed that the autocorrelation characteristic in the horizontal and verti- 
cal directions is equal was adopted in this study as shown in the following equation (1). 


p(x) = exp (- =) (1) 
where x, = the distance between the centers of elements i and j; 9 = the autocorrelation dis- 
tance, which characterizes the degree of correlation between any two positions. For example, 
in the case where @ is small, values fluctuate randomly because correlation with surrounding 
values is low (see Figure 3a). On the contrary, in the case where @ is large, values fluctuate 
smoothly because correlation with surrounding values is high (see Figure 3b). 

Although various methods have been suggested to generate random field as shown above 
(Saito & Kawatani 1985), method by the Cholesky decomposition which often used (Baecher 
& Christian 2003) was adopted in this study. Figure 4 shows the procedure for generating 
a random field in this study (Kasama & Zen 2010). 


a 


-I 

> > A | 

= 12 £12 i \ Sy I 

= < g 9 

= = at ie : a ap 

os G 8 ji 

S 3 | 

4 4 
0 10 20 30 40 50 60 70 0 10 20 30 40 50 60 70 

Horizontal distance (m) Horizontal distance (m) 

(a) Example of case where @ is small (b) Example of case where @ is large 


Figure 3. Examples of fluctuation of UCS due to difference in 0. 


Table 1 shows the various parameters in stability analysis of tunnel face in this study. In 
this table, the mean of UCS (ue) is set to 10 MPa, which is approximate value of UCS for soft 
rock. the coefficient of variation in UCS (COV,) is set to 3 analytical cases of 0.2, 0.4 and 0.6 
with reference to COV, of soft rock (about 0.2 to 0.5 (Ito & Kitahara 1985)). The @ is set to 3 
analytical cases of 2.5 m, 5.0 m and 10 m so as to include @ (about 0.3 to 8.0m (Liu & Qi 
2018)) of UCS of rock. In order to make it versatile even in tunnels with different tunnel 
heights, 0 is normalized by dividing by the tunnel height H (see © in Table 1). To compare 
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. Calculate a correlation matrix K that represents the autocorrelation 
coefficient between each element. 


1 Pz Pin 
1 m P 
K=/P aren ni n: Total number of elements 
mt Pn2 m 1 


2. Decompose the correlation matrix K into an upper triangle matrix S and 
a lower triangle matrix Sy- 


K = Sst 


w 


. Generate a random matrix R consisting of n independent normal random 
numbers. 


R = {R1, R2, Rn} 


> 


. Convert to a normal random number R* that considers the correlation 
between each element by the following formula. 


R°=S'™R 


n 


. Convert the normal random number R* to a lognormal random number by 
using the u, and COV, (See Table 1), and determine the UCS of each element. 


Figure 4. Procedure for generating a random field. 


with the above analytical cases, a case assuming that rock mass is homogeneous (see COV, = 
0 in Table 1) is also added as an analytical case. In addition, an analytical case where the UCS 
of each element is randomly determined (see Random in Table 1) is also added considering 
a case where the @ is smaller than the distance between elements. Figure 5 shows the examples 
of distribution of UCS in the analytical models after excavation for each analytical case. It is 
often confirmed by forward surveys from tunnel face during the construction that the strength 
of rock fluctuates similar to Figure 5. The number of analytical models with different distribu- 
tion of UCS for each analytical case is as shown in Table 1. 


Table 1. Various parameters in stability analysis of tunnel face. 


Parameter Value 

Tunnel height H 10m 

Mean of UCS ue 10 MPa 

Coefficient of variation in UCS COV, 0 (Homogeneous case), 0.2, 0.4, 0.6 
Ratio of horizontal 6 and vertical 0 1.0 (Isotropic) 

Normalized autocorrelation distance 0 (=6/H) Random, 0.25, 0.5, 1.0 

Ground strength ratio GSR (= u,/overburden pressure) 0.5, 1.0, 1.5 

Number of analytical models for each case 1000 (Number of homogeneous case: 1) 


UCS (MPa) 


COV,=0 COV,=0.2,Random COV,.=0.2,0=0.25 COV.=0.2,0=05 COV.=02,0=1.0 20 
(Homogeneous) 


SRE 


COV.=0.4,Random COV,=04,0=0.25 COV,=04,0=0.5 COV,=04,0=1.0 8 


> 


COV,=0.6,Random COV,=0.6,0=0.25 CO¥.=0.6,0=0.5 COV.=0.6,0=1.0 
Figure 5. Examples of distribution of UCS for each analytical model. 
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Although the analytical models considering the spatial heterogeneity of UCS have generated 
by the above operation, it is necessary to give the Young’s modulus (£), the Poisson’s ratio (v), 
the internal friction angle (g), the cohesion (c), and the tensile strength (T'S) to each element in 
order to perform elastic-perfectly plastic analyses based on the Mohr-Coulomb yield criterion. 
Therefore, in this study, examples of geomechanical property values for tunnel excavation ana- 
lysis from sandy soil to hard rock (Japan Society of Civil Engineers (JSCE) 2006) were plotted 
as shown in Figure 6, and the relationship between UCS and y, E, v, ọ was approximated. Then, 
the values of y, E, v, and g were given to each element utilizing those approximated equations 
(see following equations (2a), (2b), (2b) and (2d)). The value of c for each element was deter- 
mined by substituting already obtained UCS and 9 values into the following equation (2e). The 
value of TS for each element was determined utilizing the following equation (2f) because TS of 
rock is approximately 1/10 of UCS of rock (e.g. Okazaki et al. 2016). 


y = 1.2604 In (UCS) + 21.056 (2a) 
E = 238.85 UCS (2b) 
v = —0.016 In (UCS) + 0.3027 (2c) 
= 3.7136 In (UCS) + 39.363 (2d) 
c = UCS (1 — sing) / 2cos 9 (2e) 
TS = UCS / 10 (2f) 
oa t) a 
Tas < Š 10000 
& 20 Lee ra + 21.056 ‘J 8000 
= 4 
2 10 £ 4000 
= 5 = 2000 
0 > 0 we 
0 10 20 30 40 0 10 20 30 40 
UCS (MPa) UCS (MPa) 
(a) Relationship between UCS and y (b) Relationship between UCS and E 
0.4 _ 60 
0.35 ¢ Say 
3 pa Sao 
$ 02 5 30 
& 01 E 


> 


UCS (MPa) UCS (MPa) 
(c) Relationship between UCS and v (d) Relationship between UCS and ø 


Figure 6. Examples of distribution of UCS for each analytical model. 


2.3 Initial stress and excavation analysis 


The initial stress of stability analyses is assumed to be gravitational fields with GSR of 0.5, 1.0 
or 1.5 (see GSR in Table 1) and the lateral pressure coefficient of 1.0. Based on the above con- 


ditions, the stability analyses of tunnel face were carried out by collectively excavating the 
excavation area shown in Figure 2. 
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3 ANALYTICAL RESULTS 


3.1 Maximum shear strain around tunnel face 


In this study, the effect of the spatial heterogeneity of geomechanical properties on stability of 
tunnel face is evaluated by focusing the analytical results of maximum shear strain around tunnel 
face affecting stability of tunnel face. The maximum shear strain in this paper is obtained by sub- 
tracting the minimum principal strain from the maximum principal strain for each element. 
Figure 9 shows examples of maximum shear strain (Ymax) contour plots around a tunnel for each 
analytical case with GSR of 1.0. Here, each analytical result in this figure shows each analytical 
result of the analytical models shown in Figure 5. From Figure 6, it can be seen that the larger 
the COV, and @, the larger or smaller ymax may be compared to the analytical result of homoge- 
neous case and the upper and lower symmetry of Ymax distribution that occur in the homoge- 
neous case is lost. These trends were also confirmed in the analytical cases with GSR of 0.5 and 
1.5. From these results, it is considered that the effect on Ymax around a tunnel becomes large 
depending on degree of the spatial heterogeneity of geomechanical properties in soft rock mass. 

Then, the degree of variation in the maximum value of Ymax around tunnel face (max Ymax) 
in each analytical case is grasped in order to evaluate the effect of the spatial heterogeneity of 
geomechanical properties on stability of tunnel face quantitatively. Figure 8 shows the cumu- 
lative distribution of max Ymax extracted from all analytical results in each analytical case with 
GSR of 1.0. Here, in order to show the cumulative distribution, the max Ymax of each analyt- 
ical case is sorted in ascending order, and each order is divided by the total number of max 
Ymax: The yellow-green line in Figure 8 indicates the max Ymax in the homogeneous case. In 
addition, the upper yo (critical shear strain on upper limit side) indicated by the red line in 
Figure 8 was calculated using the empirical equation on upper limit side for the critical strain 
é of rock (see following equation(3a)) and the conversion equation for the critical shear strain 
yo (see following equation (3b)) proposed by Sakurai et al. (1994). E and v used in these equa- 
tions were obtained by substituting ue (10 MPa) set in the analysis into equations (2b) 


and (2c). 
Maximum shear 
strain Ymar (%) 

COV, = 0 COV.=0.2,Random COV,=0.2,9=0.25 COV.=0.2,0=0.5 COV,=0.2,0=1.0 135 
(Homogencous) 1 2 

1.05 
09 

0.75 
0.6 


COV,=04,Random COV, =0.4,0=0.25 COV,=0.4,0=0.5 COV.=04,0=1.0 0.45 


COV.=0.6,Random COV,=0.6,0=0.25 COK,.=0.6,0=0.5 COV,.=0.6,9=1.0 


oo 
= b 
wv 


Figure 7. Examples of ymax contour plots around a tunnel for each analytical case with GSR of 1.0. 


log eo = —0.25 log (E) — 0.85 (3a) 
Yo = £o (1 + v) (3b) 


From the comparison of each figure in Figure 8, it can be seen that the variation of max 


Ymax increases as COV, and @ increase. Comparing the analytical results of homogeneous case 
(see yellow-green line in Figure 8) and heterogeneous case (see curve in Figure 8), It can be 
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seen that most of the analytical results of heterogeneous case exceed the analytical result of 
homogeneous case. For example, the analytical results with COV, of 0.2, 0.4 and 0.6 exceed 
the analytical results of homogeneous case by about 75% to 81%, about 81% to 97% and 
about 89% to 100%, respectively. These trends were also confirmed in the analytical cases with 
GSR of 0.5 and 1.5. From these results, it was clear that there is a high possibility of underesti- 
mating the max Ymax in the numerical analysis assuming a homogeneous rock mass with aver- 
age geomechanical properties. Therefore, it will be necessary to consider the spatial 
heterogeneity of geomechanical properties in some way (for example, a way as shown in this 
study) when evaluating the stability of tunnel face by numerical analyses. 
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Figure 8. Variation of max Ymax for each analytical case with GSR of 1.0. 


3.2 Comparison between of maximum shear strain and critical shear strain 


Finally, the max Ymax of each analytical case obtained by stability analyses and upper yo (See 
red line in Figure 8) used in the stability evaluation of tunnels are compared. Figure 9 shows 
the probability that the max Ymax exceeds the upper yo (EP) in each analytical case. The dotted 
lines in Figure 9 approximate the analytical results for each analytical case with quadratic 
curve. From the comparison of each figure in Figure 9, it can be seen that the EP tends to 
increase as the COV, increases when the GSR is the same value. In addition, from each figure 
in Figure 9, it can be seen that the EP tends to increase as the GSR decreases when COV, is 
the same value. In addition, from each figure in Figure 9, it can be seen that the EP tends to 
increase as the GSR decreases when COV, is the same value and the effect of difference in © 
in the same GSR on the variation of EP is about 10%. 

From these results, it was evident that the collapse risk of tunnel face increased depending 
on degree of the spatial heterogeneity of geomechanical properties and the ratio of strength of 
rock and overburden pressure in rock mass, and the collapse risk increased as especially the 
COV, became large and the GSR became small. On the other hand, from Figure 9, it can be 
seen that each EP is (or is expected to be) approximately 0 % when the COV, was 0.2, 0.4, 0.6 
and the GSR was larger than 1.0, 1.5, 2.0 respectively. Therefore, it was considered that the 
collapse risk of tunnel face is extremely low under such rock mass conditions and tunnel 
height. From all the above results, in order to ensure more adequate safety during the 
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construction of tunnel in soft rock mass, it will be necessary to evaluate the effects of the spa- 
tial heterogeneity of geomechanical properties on the stability of tunnel face adequately. 
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Figure 9. Probability that max Ymax exceeds the upper yo (EP) in each analytical case. 


4 CONCLUSION 


In this study, in order to grasp the effect of spatial heterogeneity of geomechanical properties 
on the stability of tunnel face, basic stability analyses of tunnel face considering the spatial 
heterogeneity of geomechanical properties in soft rock mass were carried out based on the 
random field theory. And, the effect of spatial heterogeneity of geomechanical properties on 
the stability of tunnel face was statistically evaluated by focusing on the maximum shear 
strain around tunnel face. The knowledge gained from this study is shown below. 


1) As the variation in UCS and scale of spatial fluctuation of UCS in rock mass increase, the 
variation of Ymax around tunnel face increases. 

2) There is a high possibility of underestimating the ymax around tunnel face in the numerical 
analysis assuming a homogeneous rock mass with average geomechanical properties. 

3) The collapse risk of tunnel face increases depending on degree of the spatial heterogeneity 
of geomechanical properties and the ratio of UCS and overburden pressure in rock mass. 
Especially, the collapse risk increases as the variation in UCS become large and the ratio of 
UCS and overburden pressure become small. On the other hand, a relatively large ratio of 
UCS and overburden pressure can extremely reduce the collapse risk. 


In the future, we plan to evaluate the effects of the spatial heterogeneity of geomechanical 
properties in soft rock mass on stability of tunnel face in more detail by performing more ana- 
lytical cases (e.g. the case changed tunnel height). 
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ABSTRACT: Temporary bolting in segmental lining design is usually considered ‘good prac- 
tice’ in many parts of the world, but the little guidance that exists usually specifies that bolts be 
designed to hold the gasket closed. Those guides neither refer to other features of modern lining 
and TBM operation that more heavily contribute to maintaining the gasket closed nor elements 
of modern segment geometry that impact the effectiveness of the bolts. This lack of details 
results in a disconnection between design practice and the reality of modern segmental linings. 
The actual performance of the bolt-gasket system is rarely investigated, and they are adopted 
purely based on precedence regardless of whether they can maintain the gasket closed. This 
paper will show how the routinely ignored geometrical factors of the segments are crucial to the 
ability of the bolts to restrain segment movement under gasket loads. It will also show, using 
explicit analysis of joints, how guiding rods have the potential to prevent excessive segment 
movement under gasket loads better and more reliably than temporary spear bolts. 


1 INTRODUCTION 


Bolts in pre-cast segmental linings were initially included to assist in building flanged concrete 
rings, similar in geometry to the cast-iron bolted and flanged linings they replaced. Straight 
bolts were inserted through the flanges across the joints, holding the segments of a partially 
built ring together until it could be grouted in. In time flanged joints with straight bolts were 
replaced with curved bolts, which allowed smaller pockets on the inside face with the benefit 
of increasing the cross-sectional area of a lining of a given thickness. 

In modern concrete segmental linings, the TBM rams hold the segments in place after con- 
struction. Rams are only usually removed to place the segment of the next ring or accidentally 
due to operator error. Such a procedure means that the bolts have lost their initial design 
intent, and justification for their use has focused on other objectives. 

For tunnels situated in seismically active areas or water conveyance (pressure) tunnels, the 
use of permanent bolted connections on longitudinal joints could be considered a critical com- 
ponent of the tunnel design. These bolts are designed to prevent excessive joint displacements 
and rotations during the tunnel operation, consequently maintaining a certain level of water- 
tightness in pressure tunnels. In these cases, the bolt connections also keep a certain level of 
hoop forces acting on the lining during these extreme internal loading cases to achieve the 
structural performance as designed. In summary, the design objectives for permanent bolts are 
often clearly defined and well-understood within these design scenarios. 

On the other hand, temporary spear bolts in modern concrete segmental lining tunnels are 
features that have essentially been inherited without a clear role. The little guidance that exists 
usually specifies that bolts be designed to hold the gasket closed when the TBM rams are 
removed from a ring to erect the segments of the following ring (BTS, 2004; DAUB, 2013 and 
ACI 533.5R, 2020). This assumption traces its origins back to curved bolts when modern TBMs 
and gasketed linings were deployed. Curved bolts pass through the joint at right angles, so the 
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bolt force required to hold the joint closed could be calculated simply by calculating the gasket 
force over the joint length and dividing it by the number of joints. When temporary spear bolts 
started being used, the angle of the bolt to the joint was simply accounted for by dividing by the 
cosine of the bolt angle (to perpendicular). However, the authors are unaware of designers con- 
sidering the actual segment geometry and the movements accompanying gasket opening. 

This paper will show how the routinely ignored geometrical factors of the segments are cru- 
cial to the ability of the bolts to restrain segment movement under gasket loads. It will also 
show, using explicit analysis of joints, how guiding rods have the potential to prevent excessive 
segment movement under gasket loads more reliably than temporary spear bolts. 


2 BRIEF DISCUSSION ABOUT THE POTENTIAL FUNCTIONS OF BOLTS 


Table 1 lists the functions of spear bolts in longitudinal joints typically found in the inter- 
national literature, although not explicitly discussed in the guidelines. These functions are 
grouped based on their design scenario, i.e. for normal construction scenarios and the incor- 
rect removal of a TBM ram during ring assembly as an accidental case. 


Table 1. Functions of temporary spear bolts quoted in the literature. 


Construction scenario Functions 


(a) Normal scenario i. To improve ring build quality 
ii. To secure ring geometry before grouting. 
iii. To preserve longitudinal gasket compression before grouting 
or hold the joint closed under gasket loads 


(b) Accidental scenario: wrong TBM i. To hold segments of partially built rings together, 
ram removed during assembly supporting segment weight. 


The functions identified above under normal working conditions are mainly concerned with 
minimising contact deficiencies between segments arising during tunnel construction. Such 
contact deficiencies can lead to a greater risk of concrete damage near the segmental joints 
and gasket underperformance. Imperfectly assembled joints will need to transfer normal 
forces over smaller areas that cause higher localised stresses and consequent greater risk of 
concrete damage, most frequently corner chipping and longitudinal cracks, particularly in the 
case of longitudinal joints. As a result, if the efficiency of temporary bolts is to be considered, 
these issues need to be understood. 


2.1 Ring build quality in radially unloaded segments 


Few authors discuss spear bolts’ contribution to ring build quality in detail. Herrenknecht and 
Bappler (2003) are one of a few who appear to have more explicitly suggested that spear bolts 
could improve ring build quality. To discuss the contribution of spear bolts to the ring build 
quality, only the assembly of the two consecutive segments required to form a longitudinal 
joint must be considered. The effect of subsequent ring erection on the quality of the joints is 
discussed in the following section. 

Firstly, it is essential to put the sequence into context. During ring erection, each segment is 
assembled in sequence against a previously installed ring. A segment is first placed in position 
by a vacuum erector which in modern TBM tunnelling has accurate position control in the 
order of a millimetre. The segments are then pushed back by the hydraulic jacks until their 
dowels are locked into the sockets of the previously installed ring. Spear bolts connecting the 
segment to the neighbouring segments of the new ring are then screwed into the bolt sockets. 

As a result, in principle, spear bolts can be used to delimit misalignments of longitudinal joints 
during ring build, as two adjacent segments must be sufficiently aligned to fit the spear bolt 
through the bolt hole and the threading to the socket. However, guiding rods may be as effective 
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as spear bolts, if not more effective than preventing excessive initial misalignments. The added 
value is that guiding rods also provide a certain shear resistance against lateral slipping, as will be 
further explored in this paper. 

A typical misconception or design myth is that spear bolts provide shear resistance or interlock- 
ing. Harding et al. (2014) addressed this misconception in some detail. The detailing of the typical 
bolted connection is usually fluted towards the joint to facilitate demolding and help guide the 
bolt into the socket. During segment erection, the bolt is initially more-or-less centred in the hole, 
so if there are any shear movements, the bolt bends along the entire length between the socket and 
the bolt head. The resulting loads in the bolt are minimal due to its long length. Once the bolt 
touches the side of the bolt hole, typically at around 5 mm, the bolt acts in bending between the 
joint face and the socket. Over this distance, the bending moments are much higher, and the plastic 
capacity of the bolts is reached rather quickly. Analyses using typical arrangements and bolt sizes 
suggest that this plastic deformation provides only 15-30% of the bolt’s shear capacity depending 
on the precise configuration. Only after significant movement has occurred does the bolt truly 
engage the full shear capacity of the bolt, as illustrated in Figure la. The movements required to 
reach this situation would be significant — potentially more than 20 to 50 mm, which would 
already be in non-conformance with most allowable tolerances with gasket performance 
compromised. 

Any other deviation from the nominal position of the segments that may lead to contact 
deficiencies during ring build cannot be tackled with the installation of spear bolts. Indeed, 
Gil Lorenzo (2020) demonstrates that the bolts of modern linings are insufficient to prevent 
the joints’ rotation. Based on the paper’s analysis, the bolts’ influence on build quality is 
rejected as a credible function. Therefore, the bolts cannot influence the shape (circularity) of 
the ring as constructed inside the shield. 

Dowelled connectors at the circumferential faces of segments tightly connected to the dowel 
sockets of the previous ring are more effective in delimiting, to some extent, most of the initial 
joint imperfections. For these reasons, the WG2 (2019) explicitly states that “in certain cases, 
longitudinal bolts may be replaced by guiding rods”. 


2.2 Retention of ring shape in radially unloaded segments 


The segments of an unloaded ring inside the tail skin are subjected to their self-weight, possibly 
the weight of other ring segments and the ram loads. The effect of gasket forces on contact and 
gasket imperfections will be dealt with in the following section and is not considered here. 

In serviceability conditions, segment weight and ram loads can cause radial displacement 
and rotation in three directions of the segments. For example, the self-weight can yield radial 
rotations in the crown and invert segments and sway in spring line segments. The segment 
movements can result in joint rotations, misalignments in longitudinal and circumferential 
joints, and angular imperfections in longitudinal joints. 

Spear bolts would require good shear and rotational stiffnesses to effectively restrain these 
rotations and misalignments. As presented above, spear bolts do not have such a shear stiffness 
or rotation for similar reasons. For example, Gil Lorenzo (2020) demonstrated with rotational 
models that the bolt contribution to moment capacity in lightly compressed longitudinal joints is 
ineffective for both flat and curved joint geometries. Contrary to the expectation that the bolts 
provide such restraint, she demonstrated that segments’ radial rotations and sway are mainly 
opposed by the joint moment resistance and lateral confinement delivered through the packers 
and dowels of the circumferential joints. However, the spear bolts could contribute to constrain- 
ing the ring joint rotations and associated in-plane angularities of longitudinal joints through ten- 
sile resistance, particularly in the case of differential radial rotations between adjacent segments. 
However, this beneficial effect is also often overestimated, with some practitioners ignoring that 
the controlling factor in axial/ tensile stiffness is the shear (bond) stiffness of the bolt. 

Harding et al. (2014) also stated that, based on a qualitative analysis, spear bolts had limited 
rotational resistance and a particular inability to contribute to shear resistance in a serviceable 
context. They also suggested that temporary bolts in current tunnel projects cannot play a signifi- 
cant role in ring build. These authors pointed to the fact that, despite the substantial increase in 
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the weight of concrete segments since the 1990s with improved TBM erectors, the number and 
size of bolts have reduced (Harding et al., 2014). 


3 GEOMETRICAL FACTORS AFFECTING BOLTS HOLDING GASKET LOADS 


Under normal TBM operation, segments are held in place by the action of the TBM ram pushing 
the segment into the preceding ring. The significant friction forces prevent movement (Harding 
et al. 2014), and these forces continue to be applied during the construction of the remainder of 
the ring build and during the advance. The rams are only removed when the segments of the next 
ring are to be constructed. For the erection of any given segment, only the rams that obstruct 
that segment are removed, and those rams are reapplied before placing the next segment. 

Under this scenario, at least one ram is often left on a segment, providing some restraint, but 
in a worst-case scenario, all rams are removed from the segment, and it can be free to move. In 
principle, it is this potential displacement that bolts aim to prevent. In this situation, two pos- 
sible bodily movements arise from the gasket forces on the longitudinal joint (assuming the 
opening of the circumferential joint is restrained by the shear dowels on the circumferential 
joint). These two modes of movement are translation and rotation as shown in Figure 1b. 


a) 


Point ot 
rotation 


Rotation mode 


Translation mode 


Figure 1. (a) Bolt deformation — exaggerated for illustration purposes (Harding et al, 2014) and (b) 
Movement modes of segments under gasket loads. 


More complex modes exist, such as rotation about a circumferential axis (where the trailing 
edge of the segment is restrained by the dowels or the tail shield brushes, and the leading edge is 
translated) or deformation mechanisms involving multiple segments. These more complex modes 
are considered less common and are not covered here. However, the principles outlined in this 
paper are transferrable to such mechanisms if they are deemed credible for a particular design 
scenario. 

Figure 1 above shows that if the segment moves, the joint movement is a combination of 
opening (perpendicular to the joint face) and displacement in shear (parallel to the joint face). 
As contemporary bolt design calculations assume, there is likely to be more displacement paral- 
lel to the face than perpendicular, rather than primarily perpendicular. The implications of this 
mechanism are illustrated in Figure 2. It shows how the actual displacement of the segment 
impacts the bolt behaviour. The movement of the segment will result in the bolt rotating about 
its fixed point in the segment that doesn’t move. While the bolt is relatively stiff in tension, it is 
much less stiff in bending, so the resistance to this rotation will be low. If the bolt socket is in 
the non-moving segment, the direction of the bolt head will move closer to the socket at small 
displacements, resulting in a loss of tension in the bolt. Therefore the bolt will not restrain the 
movement. This configuration is described as an adverse bolt orientation as the bolt orienta- 
tion effectively prevents it from fulfilling its function in this direction. 
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The bolt orientation is favourable when the bolt socket is in the displacing segment. The dis- 
placement results in the bolt lengthening, and the bolt will more likely resist the movement. How- 
ever, it should be noted that the angle of motion is unlikely to be the same as the bolt angle, so 
the conventional design method miscalculates the tension. 

This analysis ignores any contribution of bolts in shear, but given that bolts do not resist 
shear within the normal range of segment movement (Harding et al., 2014), ignoring the con- 
tribution of shear is considered valid. 

TBM segmental linings designed for two bolts inserted from the same side of the joint result 
in both bolts across the joint being in the same orientation. If a segment is free to move and 
the direction is adverse, the bolts will not resist the segment’s movement and the joint’s open- 
ing. While the circumferential dowels and forces exerted by the tail shield brushes may restrain 
gasket opening, the bolt will not. 

A solution to this problem could be to bolt from either side of the joint. In this case, both orien- 
tations would be provided for all circumstances. However, in this arrangement, one bolt is always 
in the adverse direction, so only one resists the gasket load opening, and not two, as conventional 
design calculations assume. 


Direction of movement 
of socket 


Direction of 
movement of 
bolt head 


Point of bolt 
rotation 


Adverse bolt orientation: bolt Favourable bolt orientation: bolt 
length shortens lengthens and resists displacement 


Figure 2. Effects of joint opening on bolts. 


The above analysis suggests that bolts may not be as effective at resisting gasket opening 
loads as typically assumed. Gil Lorenzo (2020) reached a similar conclusion using an analytical 
solution. She found that the joint rotations required to mobilise the action of the spear bolts in 
isolated rings under small compression and bending moments would be significant. As a result, 
it leads to large gasket gaps and a substantial loss of the gasket force. The models revealed that 
the most effective way of retaining gasket compression in longitudinal joints is through the lat- 
eral confinement of segments provided by circumferential joints equipped with shear dowels. 

The above problems arise because actual segment displacements involve both shear and per- 
pendicular displacement, and the shear displacement is more significant. If both rotation and 
translation modes from Figure | are examined, then it can be seen that any restraint against 
shear will prevent displacement in both cases. Therefore, if incorporated, guiding rods could 
potentially resist this displacement more effectively than designers have historically allowed. 
In a recent project in which the authors were involved, guide rods and bolts were modelled 
explicitly to capture the interplay between these two elements. This analysis is presented to 
show the significant contribution of the guide rod to resisting joint opening. 


4 MODELLING THE PERFORMANCE OF SPEAR BOLTS 
A conceptual numerical model has been developed to investigate further the performance of spear 
bolts concerning the functions of retention of ring shape in radially unloaded segments and hold- 


ing joints closed under gasket loads while the TBM is ungrouted and during partial ring build. 
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This simplified model considers a rotational case where two segments have been erected in 
sequence and bolted. Still, the last segment loses its support or restraint, assuming that the 
TBM rams are accidentally retracted and no other segment is holding it apart from the previ- 
ous one bolted. This scenario, therefore, allows an inward rotation of the segment due to the 
forces of the compressed gasket with only the spear bolts to resist the movement. The benefi- 
cial effects of circumferential shear dowels are ignored. 

The first model considers a standard configuration using two spear bolts per joint spaced 
800 mm apart with no guide rods. A second model is carried out to investigate the perform- 
ance of removing one spear bolt but adding two guiding rods, 400 mm in length, each spaced 
400 mm apart. These models are run to compare their performance under this adverse but 
possible scenario. 

The numerical model is analysed in the software FLAC3D V7 from Itasca. The geometry 
is shown in Figure 3 for segments of 260 mm in thickness and length of 1700 mm. The longi- 
tudinal joint width is 130 mm. To take advantage of computational efficiencies, the model 
accounts for the plane of symmetry in the middle of the segment and between spear bolts, 
with only 850 mm of the segment modelled. Therefore only one spear bolt is modelled. The 
appropriate plane restraint is imposed to simulate the effects of two spear bolts. The first 
segment installed is assumed to be restrained by the TBM rams and shear dowels, and it is 
only modelled partially, i.e. not with its full thickness, to represent the longitudinal joint 
contact and the spear bolt’s pocket. The gasket of the first segment and the groove details 
are not included. Contact or interface elements are included to model the separation and 
stresses transferred between segments with zero tension capacity, only frictional resistance. 
The influence of the first gasket on the upper gasket is modelled by imposing restraints in 
the model sequence, as further discussed below. 

The upper gasket is modelled with its whole geometry assuming a cast-in profile 
M38566 type “Lee Tunnel”. The spear bolt is modelled assuming a BS25x120 with 
a pull-out capacity of approximately 190 kN. Contact or interface elements are included 
to simulate the socket and bolt shaft, allowing for physical contact with the concrete 
inside the bolt pocket if significant rotation and lateral displacement occur. As shown in 
Figure 6, the bolt pocket is modelled with its proposed geometry, thus with the appro- 
priate physical gaps/tolerances to allow for bolt installation while the socket is in full 
contact with the segment. 


Upper segment Plane OVINE Bolt pocket detal 


Bolt socket 
Gasket 


Half segment length 
representing the 
influence of a single 


———S—SO Longitudinal Joint 
spear bolt over 850 mm A Se 
Portion of lower segment that pear bolt 


promotes joint contact 


Figure 3. Model geometry including cut-out showing bolt pocket detail (2 spear bolts). 


The model sequence is depicted in Figure 4. The first stage involves full compression of the 
gasket, assuming that the upper segment is still restrained such that the gasket forces are developed. 
The second stage allows the removal of the upper segment restraint, which allows the gasket to 
“push” the edge of the segment inducing a rotation movement. The edge of the spear bolt within the 
lower segment is kept fully fixed, i.e. no movement allowed, to simulate the nut restraint. At this 
stage, only the spear bolts and associated joint contact can provide resistance against the movements 
induced by gasket force, thus allowing for an assessment of the bolt performance. 
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(1) (2) Upper restraint 
v y y removed simulating 
b i : accidental removal 
of rams thus 
allowing for joint 
7 opening/rotation 
due to gasket 
forces. Face of 
gasket is restrained 
to simulate the 


Gasket i J pinfluence of the 
asket is 


other gasket, 
compressed to b rae 
zero gap Edge of spear bolt is kept fully fixed to the 


lower segment (no movement allowed) 


Upper segment is 
held in place 
simulating ram 
forces allowing for 
y development of 
gasket loads 


Figure 4. Modelling stages 1 and 2. 


The model includes a segment with an elastic modulus Æ = 38 GPa and steel spear bolts with 
E = 200 GPa. The EPDM material of the gasket is first calibrated against the manufacturer’s data 
is shown in Figure Sa. The pull-out performance of the spear bolt socket is also calibrated against 
the manufacturer’s data is shown in Figure 5b. The spear bolt shaft within the bolt pocket is mod- 
elled only with frictional behaviour in case it comes in contact with the segment. 

Figure 6 presents the results of stage 2 of the model, indicating that if the upper segment loses 
its restraint, the gasket forces will induce rotation that causes a gap of 8 mm on one side of the 
gasket and a 6 mm joint opening. These values are consistent with the simplified analytical assess- 
ment of Gil Lorenzo (2020), who assessed gaps of up to 5.5 mm for a different gasket arrange- 
ment. This gap opening reduces the gasket efficiency to less than 15% of the original fully 
compressed value per manufacturer’s data which is also consistent with the assessment by Gil 
Lorenzo (2020). Most of this results from the spear bolt’s inefficiency in resisting rotation and 
shear movements, as clearly shown by the horizontal displacement (x-direction) on the right- 
hand side picture of Figure 6. This picture also shows the undeformed boundary (in grey lines) to 
illustrate the movement of the bolt and segment against their original position. 


Load (kN/m) 


a. 


tae eee ee ae 


Pull-out displacement (mm 


Figure 5. Calibration of (a) gasket behaviour and (b) bolt socket pull-out behaviour. 


A second model was then run to simulate a model with one single spear bolt per segment 
but with the addition of two guiding rods. In this model, the symmetry plane goes through the 
bolt’s middle. Thus, only the effect of a single spear bolt is considered. In addition, 
a continuous guide rod groove/pocket is included in the upper segment, as shown in Figure 7, 
and interface elements are introduced between the guide rods and segment to simulate contact. 
Reduced normal stiffness of the contact elements simulates the groove and rods’ tolerance. 
A Young’s Modulus of E = 2.5GPa has been assumed for the rods assuming a polyamide-type 
plastic. 


826 


Zone Z Displacement 


p +o0000E-03 Undeformed 
Back argaskis Back of joint 0.0000E+00 boundary Rotation inducing 5-11 mm 
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Figure 6. Joint and gasket vertical opening (z-direction) and horizontal displacements(x-direction) with 
two spear bolts. 


Guide roc 


Half segment length q | pocket 
representing symmetry 4 
about one spear bolt, 
Le. 850 mm segment 
Single Spear bolt 


Plane of symmetry through bolts 


Figure 7. Model geometry for one spear bolt and guide rods. 


Zone Z ee 
Factor: 1.52 
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-6,0000E-03 


Back of joint 
opens 4mm 


Back of gasket Rotation inducing 2-5 mm horizontal 
opens 5 mm movement due to restraint by guide rod 


Figure 8. Joint and gasket vertical opening (z-direction) and horizontal displacements(x-direction) with 
one spear bolt and two guiding rods. 


Figure 8 presents the results of the second model showing that in this case, the gasket forces 
would induce a rotation with a gap of 5 mm on one side of the gasket and a 4 mm joint open- 
ing, thus, indicating the better performance of the system. Most of this results from the guid- 
ing rods providing shear restrain and reducing horizontal movements, as shown on the right- 
hand side picture of Figure 8, despite only one spear bolt being used. 

Figure 9 also confirms the influence of the guide rods with the development of contact stres- 
ses at the edge of the guide rods demonstrating that the guide rods provide a physical restraint 
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Figure 9. Contact normal stresses at the guiding rods. 


against horizontal movements, thus improving the spear bolt performance. Therefore, this 
system performs better than using two spear bolts without guiding rods. 


5 CONCLUSIONS 


The role of temporary spear bolts at the longitudinal joints for modern TBM pre-cast concrete 
segments is not clearly understood by either tunnel practitioners or manufacturers (Harding 
et al., 2014). As presented in this paper, their use does not necessarily fulfil some of the typical 
design and construction expectations with the following points of particular interest: 


(a) Spear bolts could impose a physical constraint on joint misalignments while assembling 
two segments forming a longitudinal joint. However, guiding rods can fulfil the same 
function and are likely more effective as the movement of a single, unrestrained segment 
in a constructed ring is primarily a shear movement. 

(b) Spear bolts become redundant features in holding the joints closed under gasket loads. 
The joint rotations required to mobilise the action of spear bolts in isolated rings under 
small compression and bending are significant, resulting in large gasket gaps and 
a substantial loss of the gasket force. 

(c) The current approach to bolts oversimplifies the problem and may result in designs that 
do not provide adequate restraint. Actual joint displacements depend on the design case 
being considered and the mode of displacement and may be primarily in shear rather than 
joint opening. If tension resistance is required for all circumstances, then either shear 
resistance (via a guide rod) or a pair of bolts inserted from opposing sides of the joint 
should be used. However, if bolt pairs are used, the designer should consider that the dis- 
placement mode may result in only one of the two bolts resisting the load. 
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ABSTRACT: Metropolitan cities rely on subway networks for their substantial mass trans- 
portation demands. However, the underground has always been regarded as undesirable and 
as well as being an unpleasant space in different cultures; therefore, one can see that users do 
not intend to devote more time to an underground facility that lacks natural light and ventila- 
tion. From an architectural perspective, the majority of the station design focuses on subjects 
such as fire safety, pedestrian movement, and building performance analyses under various 
conditions. Even though it is possible to trace alternative design approaches where designers 
challenge these issues in specific cases, most of the designers apply the same design templates, 
regardless of the urban context of the station location. Such actions and design decisions that 
ignore any potential sustainability or social integration possibilities of the stations end up 
being concrete boxes that pump people around the city. One can trace their urban significance 
and possibilities by looking at the impact of stations on our daily lives. From a sociological 
point of view, these structures, despite being perceived as non-spaces, due to high user 
demand and ease of access, underground stations will be the optimal solutions for inner-city 
transportation. Moreover, it is equally important to discuss the notion of space and place in 
the context of subway stations. As a result, this research will discuss the possibilities of social 
integration and sustainability of underground spaces, its challenges, and suggestions for 
a more holistic approach to developing a more balanced understanding to underground sta- 
tion design. 


1 INTRODUCTION 


Commuting to work is a relatively new concept in human history. Starting with the industrial 
revolution, cities have grown substantially, requiring mass transportation solutions. Either 
animal-powered solutions or walking around the city has become a challenge in the expanding 
industrial cities because of the distance and traffic congestion. As a result, the construction of 
the London subway underlined a very critical approach to public transportation in dense 
urban settlements. Even though most of the first line in London was constructed in the cut- 
and-cover method, the intention of isolating the railway from the rest of the city to create an 
undisturbed traffic flow under the ground showed the potential of underground public 
transportation. 

Currently, more than half of the world’s population lives in the cities, and according to 
Union Internationale des Transports Publics (UITP), more than 180 cities in the world have 
subway lines providing transportation services to 168 million passengers per day (UITP, 2018). 

Given the context, underground solutions are perceived as the sole/feasible approach because 
the surface solutions require a substantial amount of infrastructure displacements and expropri- 
ations along the route. Therefore, constructing underground solutions for transportation pur- 
poses. However, by looking at the existing solutions and approach to the design of the 
underground stations, one can see that the existing approach is solely based on quantitative 
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methods. There are pioneering and innovative examples of prestigious designs worldwide, yet 
their numbers are limited due to various concerns. 

Therefore, this research will first review the existing design approach to subway stations, 
followed by a problem definition and basic arguments to expand our approach to the existing 
design methodology. 


2 LITERATURE REVIEW 


The design of a subway station from an architectural perspective requires a multifaceted 
approach between architectural and multiple engineering disciplines. In parallel, another indi- 
cator of this situation can be seen in the existing architectural literature on subway stations. 
At the same time, the majority of the literature focuses on the design performance of the 
subway stations in a selected context, such as HVAC systems, acoustics, fire protection, fire 
prevention, egress and evacuation, accessibility, and history of a subway line. However, one 
can hardly find a discourse on the design of a subway station. 

There is not a single document explaining a holistic approach to subway stations. On 
the contrary, standards, design guidelines, and idioms show us the current approach to 
the existing design approach. Therefore, we need to review the existing design guidelines 
and standards related to the subway stations to understand the situation. 


2.1 Standards 


One can find a cornucopia of standards related to subway station design from different 
countries. American Public Transit Association (APTA) (1981), American Railway 
Engineering and Maintenance-of-Way Association (AREMA)(2018), BOStrab: German 
Federal Regulations on the construction and operation of light rail transit systems (Hafter, 
2008), British Standards Institute (BSI) work on fire safety (2004), GB 50157-2013 Code for 
Design of Metro (Ministry of Housing and Urban-Rural Development, 2013) in China, Union 
Internationale des Chemins de Fer (UIC) Code 140 (UIC, 2008), National Fire Protection 
Association’s Guidelines NFPA 101 (2017a) and NFPA 130 (2017b), American Disabilities Act 
(United States Department of Justice, 2012) and Turkish Standards TS 12127 (TSE, 1997a) and 
12186 (TSE, 1997b). Interestingly, while the majority of the standards provide information 
about fire safety, accessibility, or design minimums for building components, a small section of 
the standards provides information regarding the design of the stations. 


2.2 Guidelines 


The standard methodology suggests dividing the subway stations into four types based on 
their platform types or three based on the platform’s location. Depending on the level of the 
platform, stations can be called underground, at the grade, or elevated (Griffin, 2004). Based 
on the platform type, we can categorize stations, islands, separated, split, and flow-through 
platforms (JICA, 2010; Swedish Transport Administration, 2018; Garavito-Bruhn, Napoli 
and Towell, 2019). However, these types come from the route design of the projects and do 
not directly represent any architectural feature. Nevertheless, One of the exciting approaches 
is developed by the Japan International Cooperation Agency (JICA) in their survey project 
for Cairo (JICA, 2010). In the report, JICA suggests that while most stations should be 
designed in a standardized approach, only stations in prestigious areas, such as airport sta- 
tions or museum stations, should be designed extensively. However, JICA’s stance towards 
NFPA 130 and disregarding any Level of Service or comfort approach is a very intriguing 
method that should be considered. 

In addition, One of the essential guidelines in this respect is the Transit Capacity and Quality 
of Service Manual (2013) published by the National Academies of Sciences Engineering, and 
Medicine. Manual covers an extensive range of subjects such as; Quality of Service Methods, 
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Bus Transit Capacity, Demand-Responsive Transit, Rail transit capacity, and Station capacity. 
Two sections, Chapter 5 Quality of Service Methods, and Chapter 10 Station Capacity outline 
essential details about the station design and its elements. Unfortunately, the Manual provides 
performance criteria regarding concerns such as passenger loads and their assessment both from 
the passenger and operator perspectives. In addition, the Manual also displays alternative 
approaches to the number of people per square meter and pedestrian ellipse. 

On the other hand, design guidelines provide considerably more information about the 
design of the stations, yet the majority of the documents solely focus on the design and size of 
the elements. For example, LUL - G371A Station Planning Standards and Guidelines (Trans- 
port for London, 2012) and Design Idiom (Transport for London, 2019) support designers in 
planning different pedestrian volumes and design approaches simultaneously. For example, 
while the Planning Standards provide extensive calculation methods to determine the design 
minimums, the Design Idiom emphasizes the design and decision-making process for a station 
design. This approach also intends to depict an “ideal station” from a perspective of building 
components and station spaces. 

One of the most interesting design guidelines is New York City Transit Authority’s Graphic 
Standard Manual (Vignelli and Noorda, 1970), similar to Noorda’s work at Milano Subway 
(Kutkan-Ozturk, 2019). It is considered a modernist masterwork and extensive descriptions of 
the iconic New York City subway signs, which are still in use. Designers can observe 
a primary sign distribution in a station and acquire information about the signage system with 
detailed explanations. 

In addition to these documents, it is also possible to find various project-specific design 
guidelines from different parts of the world, such as South Florida East Coast Corridor 
(SFECC) Transit Analysis: Station Design Guidelines for SFECC (EDSA Inc., 2006), Honolulu 
Rail Transit (Boeing, 2016), City of Edmonton’s Design Guidelines (2012, 2014, 2017), Sweden 
(Swedish Transport Administration, 2018) and Istanbul (2019). Nevertheless, the majority of 
the documents focus on the building component design and the basic plan outlines for the 
designers. 


3 SUBWAY STATION: A SPACE OR PLACE? 


In order to develop a further understanding of the paradigm of a subway station, it is essential 
to understand a concept explained by the French anthropologist Marc Auge regarding the 
spaces of transience. In his suggestion, building types such as transit-related buildings, hotel 
rooms, and even shopping malls can trance “the passive joys of identity-loss, and the more 
active pleasure of role-playing” (Augé, 2006, p. 94). Moreover, non-space has two critical 
aspects; their corresponding realities connected with spaces formed to create a service and 
their relation with users where services could be defined, such as transportation, commerce, 
and leisure, and the activities and relations provided in these spaces. However, it is vital to 
highlight that non-place is not a formulated space but a subjective perception, and any person 
could define any place as a non-space. In this respect, a subway station is a working place for 
the station staff, yet it could be identified as a non-space for its regular users who remain 
anonymous. Therefore, it might be interesting to implement some challenging activities in 
subway stations to enhance the existing situation. 

Given the existing subway station design guidelines and standards, one can see that stations 
are perceived as repetitive building types along the designated route. This approach shows us 
that the current design suggestions disregard and potential impacts on its urban context from 
an architectural design perspective. 

Interestingly, if one looks at the history of the subway stations, one can trace a similar 
debate where different factors with alternative viewpoints shaped the design of the station. 
For instance, the Moscow metro was one of the most important parts of the five-year plan of 
the Union of Soviet Socialist Republics (Wolf, 1994; Vujosevic, 2012), and in addition to its 
transportation feature, the stations turned into political statements of the Socialist Republic. 
Especially with the material choices such as bronze, marble, and wall paintings, one Moscow 
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subway station turned into a setting presenting the Soviet power, production, and culture not 
only for its daily users but also for tourists (Jenks, 2000). There are also similar design cases 
where art had become a part of the projects, yet, this approach also led to the problem of 
beautifying the allocated space by engineering calculations. Still, one can see similar design 
concerns in similar political situations in different countries. Followed by subway station 
designs in various cities such as New York, Toronto, Milano, and more, Washington subway 
stations stand out as an important milestone. These stations are perceived as public buildings 
in a capital where Harry Weese’s architecture team were the design leaders of the whole pro- 
cess instead of engineering teams and developed a modernist approach (Schrag, 2014). 

Hopefully, it is possible to see that intriguing contemporary station examples. Such as 
Canary Wharf Station in London, Pont de Bondy and Saint-Denis Pleyel Stations in Paris, 
Kaohsiung MRT transfer station in Taiwan, and Vaughan Corporate Centre Station in 
Toronto generate designers to challenge the existing design approaches to the subway station. 
Interestingly, these stations have become more than transportation nodes and become attrac- 
tion points in their urban settings. However, compared to the whole number of stations, they 
are merely a handful of solutions due to financial or other project management-based con- 
cerns. Therefore, it is essential to develop a different design approach or understanding that 
could be applied not only to the design of the stations but also to existing stations. 

Placemaking is an approach to planning, designing, and organizing public spaces to support 
and increase people’s well-being and health can be used to develop underused places and pro- 
vide connections between the places and their users (Project for Public Spaces, 2000). One of 
the most critical aspects of this concept is that an urban entity should not be limited to project 
design teams but also community participants (Arroyo, 2017). In addition, due to the complex 
nature of the cities, they have the potential to create various activities for their users because 
the populace is the driving force of the cities (Jacobs, 2011). Therefore, design teams should 
also focus on the life inside and around the station, as well as its construction. The multidis- 
ciplinary nature of the subway station design process, where various participants already con- 
tribute to these infrastructural projects, could also improve the built and natural environment, 
reinforce the social structure, and improve the conditions of the societies. Given the high pas- 
senger numbers, subway stations have the potential of being such spaces not only designed by 
architects, engineers, and urban planners but also include participants from the involved com- 
munities, artists, and ordinary citizens. 

For instance, there are six principles explained by Lanzl (2020) or eleven elements of 
Project for Public Spaces (2000), which have considered similar frameworks that could 
be employed to enhance the design process of subway stations. The common ground for 
both approaches is to include the communities of the project areas with active participa- 
tion, caring about the community, and creating a space for the community with collab- 
oration and communication. By doing so, the design teams do not dictate a station 
building but create the required space for their communities. However, it is possible to 
meet opposition from the project participants due to financial and organizational con- 
cerns because of the project milestones. Though these suggestions, employed with the 
active participation of the communities, could provide some surprising participation or 
suggestions which the local contributors can surmount such fiscal and administrative 
concerns. Moreover, such participation also creates constant care for the community at 
the station, which will help the operators maintain the buildings. 

Admiraal and Cornaro (2017) highlight that stations should contribute to the urban fabric 
and make the underground visible from the surface to create a “good space” that enhances the 
city. Moreover, a more progressive approach is needed to create a combined surface and subsur- 
face rather than two spaces separated by a distinct line. Therefore, we need to develop various 
design suggestions for the current design process of the stations. First, we must question the 
existing uniform design approach where the stations are designed as underground concrete 
pumps pushing people around the city. Standardized design solutions only provide transporta- 
tion services while disregarding potential uses to improve the station and its urban context. 
However, we must consider the ease of information access where users can be guided by colours, 
fonts, and directions placed at the same station for daily use and possible egress situations. 
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Otherwise, the repetitiveness and the guidance systems for its use will also bring in a problem 
where familiar users start to perceive the stations as non-places. 

Secondly, unless a design team challenges the current prescriptive methods, subway stations 
are not the destination but the transitional location. However, the current design trend in 
prestigious projects worldwide shows us that various stations have become destinations for 
different activities, such as the Moscow metro, Canary Wharf station in London, Toronto- 
York Spadina Subway stations in Toronto, and Grand Paris Express stations. In addition, 
along with their ease of access, stations are not simple in-between spaces but more of 
a reference point or even a landmark from Lynch’s (1960) perspective. as a result, instead of 
claiming subway stations as non-spaces and design according to the same prescriptive method 
at every station, we have to accept stations as a different kind of space with a lot of urban 
potentials. Furthermore, the user’s perception of the space relies on the cavities from the sta- 
tion so that users can perceive the structural pattern of the underground structures since the 
structure of the station is hardly visible from the exterior. 


4 CONCLUSION 


Regardless of their geography, stations’ functions and systems are very similar in every 
part of the world. Yet, we can see the various standards and guidelines developed for 
the safety and operation of subway systems. However, the majority of the documents 
suggest a linear design flow where architects are responsible for the design of a space 
determined by quantitative methods. In addition, one can also see a similar ambiguity 
on the urban scale too. As a result, designers should be aware that existing guidelines 
and standards are just supportive documents to find the design minimums to create 
a challenging underground space. 

We must challenge the fact that subway stations are solely infrastructural buildings where 
engineering concerns shape their designs. Unquestionably, they are part of an extensive infra- 
structure, yet they are also significant for their urban setting, where they provide unobstructed 
transportation cheaply and efficiently. Moreover, they also turn into entities that the communi- 
ties use as reference points in their daily life. Therefore, instead of making a traditional 
approach, we cloud place subway stations in a grey area as a combination of a superstructure 
and infrastructure as part of an infrastructural system. If not, the subway station will be 
designed as isolated, mono-functioning, and most products of engineering where architects are 
expected to beautify within the strict boundaries of engineering concerns. 
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ABSTRACT: Underground space development as part of airport infrastructure is relatively 
new but is fast becoming a feature in most of the large airports. This is mainly due to the 
rapid growth in the numbers of passengers which in turn requires the expansion of existing 
facilities or building new. The vast above ground space an airport occupies, strict safety and 
security restrictions to move freely at the ground surface as well as the need for quick access 
to the aircraft, terminals and in between terminals are other reasons for promoting the con- 
struction of facilities underground. 

The key underground infrastructure at airports are roads and rail tunnels as well as storm- 
water, sewer and utility tunnels. Some airports also have tunnels for the pedestrians, baggage 
handling and people mover systems. Giving due consideration to underground space develop- 
ment and planning these underground infrastructure at the initial master-planning stage will 
later aid in aerodrome efficiencies and seamless operations. 

Construction works below runways and taxiways necessitate careful considerations to prevent 
ground settlement or sinkholes. The International Civil Aviation Organisation (ICAO) has set 
standards and recommended practices with respect to permissible runway slopes and surface 
roughness of pavement. These in turn govern the allowable ground settlement arising from con- 
struction of tunnels under runways and taxiways. In addition, there are further considerations 
that apply to construction works at airports. 

The paper covers key and unique challenges related to the planning, design and construction 
of underground infrastructure at airports together with feasible solutions. 


1 GENERAL 


1.1 Brief history of aviation 


Following the first successful flight by the Wright brothers in 1903 and the introduction of 
commercial aircraft in 1914 aviation has enjoyed phenomenal growth in the last 100 or so 
years. Advances in aircraft development was first promoted by the first World War soon fol- 
lowed by introduction of legislation to govern this new mode of transport. Needless to say 
safety was one of the first items to be regulated. Air Traffic Control for commercial flights 
commenced in 1920 and is an essential feature of airports. 

Airports provide an essential service to the public by being a gateway for global connection. 
The first interaction of a new arrival at a destination country occurs at the airport leaving 
sometimes lifelong impression about the nation. An airport while providing the facility to 
travel from, also makes a city more attractive to carry out business activities. Large airports 
provide direct employment for well over 50,000 persons and at the same time generate even 
more indirect jobs. In the process it also contributes to a significant portion of the gross 
domestic product and helps the economy. 

Most airports organically grew to the size they are today and often suffer from overcrowding 
and congestion. Using hindsight it would now appear prudent that had the use of underground 
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space been considered at the time of initial planning it could have freed up ground level space 
for more aircraft stands and the ability to cater for more flights, more commercial space and 
increased aerodrome efficiencies. 

In addition the aircraft noise is a source of concern and even irritation to those who happen 
to live under the flight path. The present tendency is to build airports on sites away from 
urban residential areas and connect these to the city centre by efficient road and rail transport. 
Once again planning of such rail and road corridors and setting aside these for future con- 
struction or augmentation will cause least disruption as the traffic increases at the airport. 


1.2 Commercial airports 


The oldest commercial airport is Hamburg airport which started operations in 1911 and still 
in operation. The greatest concentration of commercial airports happens to be in Europe. 

Heathrow airport is one of the busiest commercial airports in the world. Though it was ini- 
tially planned as a military airport before the second World War, it was never used as such. 
However because of the triangular runway arrangement that was in practice at the time for 
military airports it ended up having to site the Central Terminals 1,2 and 3 in the middle of 
the airfield as shown in Figure 1. 


From Cortrat area cortars lermenam 128) wth bus station 


Figure 1. Plan of heathrow airport. 


This made it necessary to build a vehicular tunnel for landside access, Figure 2. This tunnel 
is one of the first to be constructed as an underground road infrastructure for an airport. Ori- 
ginally built in the 1950’s, it is a 630m long twin-bore road tunnel with two lanes per bore and 
two additional single lane side bores. It is the primary entrance to the Central Terminal area, 
serving Terminals 1, 2 and 3. The Heathrow main road tunnel is fitted with ventilation equip- 
ment, lighting and electrical systems, telephones and CCTV systems all of which underwent 
refurbishment recently. 


1.3 Different types of underground infrastructure for airport use 


The main underground infrastructure at airports are roads and rail tunnels as well as storm- 
water, sewer and utility tunnels. Some airports also have tunnels for the pedestrians, baggage 
handling and people mover systems. A good example of this is the Chek Lap Kok airport 
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Figure 2. Heathrow main road tunnel in the 1950s and during recent refurbishment. 


which integrated a tunnel in the airside under taxi lanes and aircraft parking stands from 
inception so that efficient access can be provided to the mid field concourse, Figure 3, built as 
part a later phase of airport expansion. 


Extent ind New Doom Handi 

sion al 

System (BHS) g4 Passenger Terminal 1 
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New Aircraft Stands and Tunnel 
Passenger Concourse at Midfield 


New Freighter Aprons 


Figure 3. Tunnel for automated people mover and baggage handling systems. 


The functional requirements of underground infrastructure may not be the same on the 
landside as that on the airside. Main reason for this is that the equipment used on the airside 
is non standard and some of these do not conform to usual highway standards. Such equip- 
ment include Cobuses, tow trucks, passenger loading steps, oversized fire tenders and the like. 


2 PLANNING OF UNDERGROUND INFRASTRUCTURE IN AIRPORTS 


2.1 Masterplan 


Airport planning typically starts with a masterplan. It is based on the present and future aviation 
demand in the short (0-10 years), medium (10-20 years) and long term (> 20 years) after opening 
of the airport. A comprehensive and well prepared masterplan provides the relevant information 
for the business plan and the capital investment. It would enable efficient operation of the airport 
by providing a good balance among the land transportation, terminal, airside and other associ- 
ated facilities such catering, retail etc. Aspects such as safety, security, sanitation and passenger 
comfort are some of the main criteria that needs to be addressed. The masterplan will normally 
cover the airport layout, obstacle limitation surfaces, terminal plan, ground transportation and 
land use plan. A simplified flow chart for developing an airport masterplan is given in Figure 4. 
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Figure 4. Typical flow chart for developing an airport masterplan. 


Without a masterplan there is a potential significant risk of over or under provisioning 
as well poor performance. The master plan also informs what infrastructure is likely to 
be needed at different phases of the airport’s life-cycle. As an example, while the runway 
and connecting taxiways and storm water drains may have to be built as part of the 
first phase of the development, the building of satellite terminals can be deferred until 
the capacity projections are realized. 

The underground infrastructure poses a dilemma in the sense that while it is possible 
to add more carriageways to an at grade road as the demand increases, it not that 
simple for the case of a road in a tunnel It is not only because it is difficult or impos- 
sible in some cases to build later but also because the capital expenditure to build as 
well as to operate & maintain the underground infrastructure is high. During the early 
stages of development of a new airport when there is a lot of space available at the 
ground surface underground solutions may not be considered until the passenger num- 
bers increase and space constraints become obvious. A recent example is the Jewel at 
Singapore airport which was developed to increase the surface level carparking space by 
placing in five levels underground and integrating a shopping mall. Given the rapid 
growth in aviation that is likely in countries with large populations, it is vital to plan 
for the underground development as an integral part of the masterplan development. 
This will subsequently enable an efficient and well integrated infrastructure as the cap- 
acity projections are realized in the future. 


2.2 Planning of underground transport corridors 


Major airports are normally situated near large capital cities. However the commute from 
the airport to the city centre areas usually are long; sometimes well over 20 to 30 km. High 
speed rail and road access is therefore necessary to bridge this gap. Depending on the airport 
layout both rail and road connections may require underground sections at the airport ter- 
minal which needs to be planned and integrated with the airport development. As an 
example, the Heathrow Express rail route (now known as Elizabeth Line), Figure 5, which is 
fully underground within the airport premises was decided well after the construction 
Heathrow Terminals | to 4. As a result it was positioned as a free standing station for the 
Central Terminals and was linked by a pedestrian sub-way system to the terminals. However 
when it was later extended to the new Terminal 5 the underground station was better inte- 
grated with the terminal design and construction. 

Within the airside areas of the airport the requirement for underground road becomes sig- 
nificantly different to that on the landside as these have to cater for special equipment of non- 
standard sizes referred to in Section 1.3. 
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Figure 5. Heathrow express (Elizabeth Line) rail route and underground stations. 


2.3 Planning for underground utility services 


There is an increasing adoption of tunnels for underground utility services such as power and 
communication cables, water, gas, fuel pipes etc., Such tunnels can facilitate installation, 
inspection and maintenance with relative ease. Furthermore placing utility services in tunnels 
also helps to prolong the lifespan of the services. 

It is however not yet conclusively proven that placing utility services in tunnels is 
a cost effective or more sustainable solution. The reason for this is that the capital cost 
of construction of tunnels and subsequent operational costs are far more than that for 
placing utility services in open excavated trenches and backfilling. The main reason for 
adoption of tunnel solution is because there is no more space for placing utility services 
in the traditional manner of open cut trenches or other compelling situations such as 
there is no access for construction in the operational airside in view of the safety and 
security restrictions. 


2.4 Planning for underground people mover system 


The maximum walking distance for passengers need to be limited in airports. In situ- 
ations over a certain length, it is common to provide for travelators or people mover 
system. While it is possible in many cases to provide over ground trackways for people 
mover system, there are situations, as shown in Figure 3, where the route has to cross 
aircraft stands, taxi lanes, taxiways or even runways where an underground solution is 
necessary. 


2.5 Planning for underground baggage tunnels 


The baggage handling system in airports ensures that the passengers’ baggage is transported 
properly to baggage trolleys or containers after check-in, security verification and screening, 
sorting and storage prior to loading into the aircraft. This is a highly complex system using 
conveyors or rail mounted carts with automation for fast transfers. 

Heathrow airport is one of the first to adopt bored tunnel for baggage handling system in 
the 1990s to transport baggage between Central Terminal Area and Terminal 4. This was 
a 4.5m diameter tunnel approximately 1.5 km long passing under a runway and taxiways. 
More recently in 2009 another bored tunnel was built at Heathrow for handling baggage 
between the existing Terminal 3 and the new Terminal 5. This tunnel is 5.6m in diameter 
and 1.8 km long transporting baggage at speeds of 800m per minute using a rail mounted 
cart system. 
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3 DESIGN OF UNDERGROUND INFRASTRUCTURE IN AIRPORTS 


3.1 Key design considerations 


The biggest challenge facing the older large airports that have gradually expanded to keep 
up with the aviation demand is finding the optimum route for underground infrastructure. 
The geometrical constraints of underground rail infrastructure, in terms of maximum allow- 
able vertical gradient and minimum horizontal curve radius for rail alignment, as well as the 
length required for platforms and crossovers are very onerous. In addition, there are strict 
requirements for emergency escape and ventilation. Often it is difficult to site shafts on the 
airside. Therefore, in some cases the only option available is to remove some of the existing 
infrastructure to make way for the new underground infrastructure. Where this is not pos- 
sible another option is to relocate underground obstructions such as pile foundations by 
underpinning which is a risky, costly and time consuming exercise but has been adopted in 
some airports. 

With respect to underground roads in the airside, the carriageway width and height envelope 
could be significantly different to that of normal highways design. Often a carriageway width of 
5m is adopted. In addition, the gradients that can be negotiated by the airside baggage carts is 
small and a limit of 3% is preferred. The main objective of placing airside roads underground is 
to allow free movement of aircraft at ground surface level. Where it is feasible depressed align- 
ment, as opposed to a fully underground design, provides a cost-effective solution at the same 
time alleviating the need for mechanical ventilation. 

The main functional consideration for all underground infrastructure in airports is that the 
design capacity meets the peak demand. For example when the passengers are on a very short 
transit, sometimes below an hour, both their baggage and themselves can make it in time to 
the connecting aircraft. This relies among others very much on the operational efficiency and 
capacity of the baggage handling and people mover systems. 

Another important aspect is that most busy airports have flights round the clock which 
means there is no regular time window available for repair or maintenance. This means the 
designs should ensure that there is sufficient redundancy or spare capacity available to shut 
down parts without the need for closing the whole operation. 

There are key utility services at aircraft parking stands. These include supply lines and 
cables for fuel, power, waste water and the like. The tolerance to tunnelling related ground 
movements of these vital services, especially the fuel lines, is stringent and need to be carefully 
considered during the design stage. 


3.2 Site investigations 


All underground design requires detailed investigations before deciding the route, depth, size 
and construction method and airports are no exception to this rule. Some airports maintain 
good historical records and as built information but most do not. This creates a big challenge 
for the older airports. 

For those airports built on rock subsurface, excavation will involve blasting. Strict controls 
on blasting vibration will apply to aeronautical navigation equipment and other vibration sensi- 
tive installations. These have to be pre identified and addressed as part of design development. 


3.3 Instrumentation and monitoring 


During the construction of underground infrastructure there are strict requirements for moni- 
toring the ground surfaces, utilities and other structures located within the zone of influence. 
Traditional methods involve installing prisms and other markers and physically surveying 
using theodolites or total stations. In live airside human access is not permitted during aircraft 
movement and at other times without airside permits. Therefore careful thought and attention 
are necessary during the design stage to ensure there are credible and accurate methods of 
monitoring in place before construction. 
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As an alternative to traditional method of monitoring, various proponents recently have come 
up with satellite monitoring which is said to have become very accurate at +/-2mm. However 
there are two concerns that are not yet fully overcome, namely 1) the frequency of the satellite 
presence over the measuring location, often in the order of 7 to 14 days and 2) the reflected waves 
reaching back the satellite since the airport pavement surfaces are very flat with few edges. 

A more promising method that was recently used in the Forrestfield Airport in Perth is the 
Reflected Automated Distance Measurement System (RADMS). With this method an auto- 
mated total station will measure the laser beams reflected from pre-identified points on 
a pavement and determine the settlement. The accuracy primarily depends on the height of the 
total station to ensure the beam can reflect and reach back to the total station. 

With respect to inground instruments such as piezometers and extensometers vibrating wire 
type instruments can be used where localized closure of airside areas is practicable. The data is 
then transmitted by wireless devices without the need for frequent human access. 


4 CONSTRUCTION OF UNDERGROUND INFRASTRUCTURE IN AIRPORTS 


4.1 General 


Construction in airports pose many unique challenges. First of all obstacle limitation surfaces 
dictate the height of equipment that can be deployed at various locations of the airport. There 
are in addition safe distances from runways, taxiways as well as wing tip clearances at taxi- 
lanes and parking stands. Also in areas where aircraft movement takes place under its own 
engine power, as opposed to being towed, there is the danger of jet blast. 

Other unique dangers that need careful control at airports are the hazard of foreign object 
debris (FOD) and wildlife. A good example of FOD hazard is the crash of the ill-fated Concorde 
aircraft near Paris in 2000 killing 109 passengers and 4 on the ground caused by a piece of metal 
on the runway rupturing the tyre and fuel tank. With regards to wildlife strike, US Airways flight 
1549 from La Guardia airport in 2009 which hit a flock of geese during take off and lost power of 
both engines serves as a well publicized story and movie. In this case all the 155 passengers were 
saved when the Captain brought down the aircraft safely and landed in the Hudson River. 


4.2 Ground movement and settlement 


Two main types of pavements are used for airports. The first type is the rigid reinforced concrete 
pavement and the second type is flexible asphalt pavement. The former is used in areas subject to 
prolonged aircraft loading and wearing of surfaces such as the aircraft parking stands. The latter 
is commonly used for runways and taxiways. With respect to ground movements when undertak- 
ing tunnelling and underground works the flexible pavement makes it easier to both detect the 
settlement and repair promptly. The rigid pavement often can arch over localised ground loss or 
small sinkhole and then fail suddenly. When this happens the impact can be serious eg a vehicle 
travelling over can be trapped and the recovery and repair can take long. 

International Civil Aviation Organisation (ICAO) has set out guidelines with respect to 
allowable surface tolerances, Figure 6, for newly completed airport pavements. These apply to 
different classes of aircraft (examples of Code Number 4 aircraft are Boeing 737-700/Airbus 
A-320) and for Runway are: 


¢ Straight Edge: 3mm over 3 metres 

e 2.5cm over 45m is acceptable if slope criteria are also met 

e Longitudinal slope of runway cannot exceed 1.25% (Code Number 4); and cannot exceed 
0.8% in the last quarter 

¢ Transverse slope changes cannot exceed 1.5% (Code Number 4) 

e Undulations or appreciable changes in slopes located close together along a runway shall 
be avoided. The distance between the points of intersection of two successive curves shall 
not be less than: 


841 


a) the sum of the absolute numerical values of the corresponding slope changes multiplied 
by 30000 m where the Code Number is 4; 
b) 45 m; whichever is greater. 


Applicable 
Area 
20 
F Unacceptable 
€ 45C Excessive 
o = 
g L 
D H 
o Ee 
<< 
= 10 Temporarily acceptable 
E a 


Acceptable 


0 10 20 30 40 50 60 
Bump length, m 


Figure 6. Runway surface evenness criteria applicable for tunnel construction. 


ICAO Annex 14, presents runway surface evenness criteria based on the Boeing Bump 
Index (BBI). For safety, the BBI can be used, to avoid a longitudinal slope exceeding 0.8% in 
the zone of influence of tunnels. When using the BBI, it is necessary to take into consideration 
the width of the zone of influence of tunnels because the settlement will be distributed over 
a certain length of the runway which should exceed 30 metres. Using the BBI it is possible to 
check if the level of settlement is acceptable from the safety viewpoint. 


5 CONCLUSIONS 


The paper covers some of the key aspects related to the planning, design and construction of 
underground infrastructure at airports. Most international airports provide for the largest air- 
crafts and long runway lengths over 4km which take up ground surface space usually in the 
order of 30km? or more. Therefore, it is necessary if not inevitable to build underground struc- 
tures and tunnels for pedestrian access, roads, rail, stormwater, sewer, utility services, baggage 
handling and people mover systems. The development of underground infrastructure poses 
certain challenges which are unique to the airport environment and not well known or under- 
stood by those working outside. 

The purpose of the paper is to highlight the specific challenges at airports and possible solu- 
tions so that better decisions can be made especially at the time of developing concept and 
master plans for new airports. With this background, provisions can be built into the land use 
plans and airport plans for setting aside certain areas and corridors in a masterplan for future 
underground infrastructure. Such underground masterplan can facilitate and inform a well 
co-ordinated, fully integrated and efficient airport operation. 

The paper also shares the experiences at airports regarding construction issues and how 
these have been resolved. Some of these issues require proper allocation of time and cost when 
planning a construction project so that these can be managed in a safe and pragmatic manner 
during the delivery of the project. 

The Author gratefully acknowledges the use of information freely available in public 
domain to explain and clarify, especially the world wide web. 
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ABSTRACT: The effects of ground displacements on surface structures due to shallow tunnels 
in urban environment are of great importance. Simplified methods predicting the transverse settle- 
ment trough in greenfield conditions are widely used. However, the investigation of the ground 
movements development is facilitated by the results from numerical analyses and the evaluation 
of in situ measurements, as well. Firstly, in the present paper, the effect of the most important 
factors on surface settlements is investigated and commented, applying finite element analyses for 
the case of TBM tunnels. Extended parametric 3D F.E. analyses are carried out using the Hard- 
ening Soil Model for two representative soil types, simulating the cases of a weathered weak rock 
and a very stiff clay. The geological and geotechnical conditions of the formations encountered 
during the construction of the Athens (Greece) Metro, driven through weathered weak rock, the 
so-called Athenian schist are briefly presented and evaluated. The results from back analyses 
using 3D F.E.M. for representative cases are compared with the corresponding measurements of 
surface settlements developed during the construction. These measurements are also related with 
the best fitting curve using the well-known equation after Gauss. Moreover, the distance of the 
maximum rotation of the surface (inflection point) from the center line, predicted from the 3D F. 
E. analyses, is compared with this resulted from the measurements. 


Keywords: Settlements trough, TBM, F.E. analyses, Athenian schist 


1 INTRODUCTION 


The construction of shallow tunnels leads in many cases to surface settlements and horizontal 
displacements, which may cause damages to existing structures. The assessment of these dis- 
placements (mainly of the surface settlements) and their effects, is of peculiar interest in tunnels 
driven in urban environment. Consequently, besides the advancements in tunnelling technology, 
the continuous research aims to more safe and economic construction process. 

Analytical solutions presented at the past were principally based on the Mindlins equations 
(i.e. Verruijt and Booker, 1996, Sagaseta, 1987). Among the empirical solutions, the most 
widely used is the approximation of the settlements trough in greenfield conditions by the 
Gaussian curve (Peck, 1969, Attewell and Yeates, 1984). The application of this method is 
related with the volume loss (Clough and Schmidt, 1981, Mair, 1998) and the distance of the 
inflection point from the center line, i. Many researchers related the key parameter, 1, with the 
depth of the tunnel and/or with its diameter (i.e. O’ Reilly and New, 1982, Mair and Taylor, 
1997, Mair et al, 1993, Oteo and Sagaseta, 1982). 

The advantages of the numerical methods, mainly of finite elements are obvious, since by the 
more accurate simulation of the geometrical data and the soil behaviour, more reliable results 
are achieved (Rowe et al, 1983, Rowe and Kack, 1983). The comparison between F.E. analyses 
in plain strain (2D) or 3D conditions and the effects of the soil simulations (especially the effects 
at small strains) are issues of specific interest (i.e. Clayton, 2011, Sandström, 2016). 
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In the present paper the effect of the important factors involved, on the surface settlements 
caused by shallow, bored tunnels, are investigated by 3D F.E. analyses, for two representative soil 
types Sı and Sj. Moreover, indicative back analyses regarding the settlement trough due to the 
construction of Athens Metro are presented and discussed, in conjunction with the relevant 
measurements. 


2 SIMPLIFIED SETTLEMENT PROFILE BY THE GAUSSIAN CURVE 


Among the empirical greenfield surface settlement curves, the most widely used is the transverse 
settlement trough after Peck (1969). This proposal uses the Gaussian equation, as follows: 


x2 


7) (1) 


Uy = max uy - exp (— 


NI = 
_ 


where uy the vertical surface displacement at distance x from the centre line, 

max uy the maximum settlement at the axis (x = 0) and i the distance x of the inflection 
point from the center line 

According to Gauss theory, the value i corresponds to one standard deviation from the normal 
distribution curve, while this distance i is of great importance from the practical point of view. 
It is well-known that the point of the maximum rotation at the surface (maxtan8) corresponds 
to x = i. The volume V, per unit length, between the initial surface plane and the settle- 
ments though, represents the magnitude of the displacements and the width of the deformed 
surface, through its normalized value V/V, where V = mR? (R the radius of the tunnel). 

From Equarion (1), the value V, is given by the following relationship: 


+0 
vi =| uy -dx=i- maxu,- V2 (2) 


—o0 


The ratio V,/V is of great importance in the case of TBM bored tunnels, since incorporates 
both the effects of ground conditions and the construction procedure. 


3 SIMULATION DETAILS FOR THE 3D ANALYSES 


3.1 3D modelling 


The analyses are carried out with the finite element program Plaxis 3D Tunnel. The overall mesh 
dimensions in vertical plan view are selected large enough to avoid spurious boundary effects. The 
z vertical planes (cross sections with different z) are selected, in order to simulate the construction 
steps in 3D conditions. The slices between two adjacent z planes are divided into 15-node wedge 
elements. The tunnel’s shell is simulated by plate elements with the actual concrete thickness in 
each case. During the staged construction steps the contraction parameters, which involves 
a reduction of the tunnel area during the calculation is entered. The contraction is expressed as 
a percentage, representing the ratio of the area reduction and the original outer tunnel cross- 
section area. Although this ratio is similar to the above-mentioned V,/V referring to the soil sur- 
face, these two magnitudes are not identical, since the Poisson’s ratio is generally v < v, = 0.50. 

An example of simulation in 3D and the distribution of vertical displacements is illustrated 
in Figure 1. From the deformed surface plane, the maximum settlements at the front plane are 
clearly presented, as well as their distribution along the axis of the tunnel (Case z,/R = 10, 
where z, the distance from the plane corresponding to the face). 


3.2 Soil modelling and parameters 


All the analyses presented in this paper are carried out by the use of Hardening Soil model 
(HS), where the soil stiffness is described more accurately in comparison with the widely used 
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a) 


Figure 1. Indicative results from 3D analyses: a) Distribution of vertical displacements in shadings, 
b) Deformed surface plane. 


linearly elastic-perfectly plastic, according to Mohr-Coulomb. Three different input stiffness 
for two soil types, Sı and S» are used in H.S., the triaxial loading, Eso, the triaxial unloading- 
reloading E,, and the oedometer loading E,.g, according to Table 1. The advantages for such 
a model, which is based on different moduli for the loading and unloading are self-evident in 
excavation problems, where the displacement assessment has the dominant significance, since 
the linearly elastic models overestimate the effects of the soil heave due to stress-release. 


Table 1. Soil parameters according to HS model (Parametric analyses, only). 


Description Bulk density Shear strength Elastic parameters 
Y c (O ** Eso Esca v tEn Vur 
(kN/m?) (kPa) (degrees) (MPa) (MPa) (MPa) 
Si 22 15 37° 30-100 30-100 0.30-0.40 120-400 0.15 
S2 20 50 20° 20-60 20-60 0.30-0.40 80-240 0.15 


*Eur = 4Eso, ** Stiffness at reference stress 100 kPa 
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Figure 2. Surface settlements profile (case soil S2, H/R = 3, K, = 0.6): Effect of the distance from face. 


4 RESULTS OF 3D PARAMETRIC ANALYSES 


4.1 Introductory notations 


The effects of some important factors on the surface settlements and settlement profile due to 
a shallow tunnel driven in greenfield area are examined by 3D F.E. analyses. Following 
Figure 1b, which indicates the variation of the maximum surface settlements and the settle- 
ments profile in a vertical x-y cross section, an example of the analyses is presented in 
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Figure 2. The normalized surface settlement in relation to normalized distance from the center 
line, x/R, decreases rapidly with the distance from the face of tunnel (z,/R) and approaches its 
final value for z,/R = 8. The results for a comparative analysis in plane strain (2D) indicate 
slightly lower values of settlements, in comparison with those from 3D, at large distances (i.e. 
Zo/R = 10). All diagrams of the next paragraph 4.2, presenting the effects of several factors in 
the surface settlements, refer to such a large normalized distance z,/R = 10. 


4.2 Factors affecting the settlements profile 


4.2.1 Effect of the modulus of elasticity 

Since the modulus of elasticity is stress and strain dependent, the reference value at stress-level 
equal to 50% of the peak strength, Eso is investigated. For given contraction V,/V, the results are 
almost independent of the modulus of elasticity. In this respect, the effects of other parameters are 
investigated by a “mean” value Eso, since this parameter practically has no effect on the results. 


4.2.2 Effect of the contraction Vs V 

The normalized volume loss, in the case of analyses by F.E. method refers to the contraction 
inside the tunnel, which is quite different from the conventional consideration of the settlement 
trough at the surface. It may be noted that this ratio is an input parameter during the phases of 
calculations, which in general, is finally achieved with great approach. Figure 3 illustrates the 
effect of the contraction V/V on the normalized settlement (u,/R), for the case of soil Sı. With 
increasing this ratio, the surface settlements increase almost proportionally, thus it can be con- 
cluded that the contraction is a main parameter influencing the problem under consideration. 
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Figure 3. Normalized surface settlement in relation with the contraction and normalized distance: Soil 
Si, K = 0.5. 
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Figure 4. Effect of the in-situ coefficient K on the development of surface settlements: Soil S4. 
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4.2.3 Effect of the in-situ coefficient K 

It is well-known that the coefficient of the in-situ horizontal stresses, K has a great impact on 
the re-distribution of stresses around a tunnel and therefore, on the strains, displacements and 
surface settlements. Representative results of the parametric analyses are given in Figure 4, for 
the particular contraction V,/V = 1% for the soil type Sı, where the following can be drawn: 


= For the lower values of coefficient K the larger settlements are resulted. It is noticeable that 
for the maximum presented value K = 1, the settlements are significantly lower in compari- 
son with the values K = 0.5 — 0.75. 

= The coefficient K affects also the shape of the settlement trough, so for higher K, the influ- 
ence zone on the surface is wider. It may be also observed that for lower values K = 0 — 0.4 
instability problems arose during the analyses, mainly at the region of the tunnel face. 


4.2.4 Effect of the tunnel’s depth 

This factor is investigated through the normalized depth of the tunnel, H/R and indicative 
results from the 3D analyses illustrate in Figure 5 the effect of the depth on the normalized 
surface settlement for the soil S and V/V =1%. Evidently, for the extreme low depth H/R = 3, 
the higher maximum settlements are developed, while with increasing of this normalized value, 
the surface settlements tend to decrease drastically. For the higher values H/R, the influenced 
surface area is wider and as a result, the settlements for relatively high normalized distances 
from the center line (for example x/R > 3) now become higher than those for lower depths, 
despite the fact that maxu, values are much lower. 
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Figure 5. Effect of the normalized depth of tunnel on the surface settlements: Soil S2. 


4.2.5 Development of the rotation on soil surface 

Although, as it is widely accepted, the relative rotation on the surface, B = 0+@ (where œ is the 
tilt of the structure), is significant when the influence of the settlements on a surface structure 
is examined, the rotation 0, expressing the rate of differential settlements, is also very import- 
ant. The value of 8 can be calculated by the following equation: 


6~tand = ` (3) 


According to the empirical procedure of Gaussian curve, the same rotation 0 can be esti- 
mated by: 


2 
@=tand = — max uy: Ž ep (4) 


? 27 
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From Equation (4), the absolutely maximum rotation corresponds to a distance from the 
center line, x = i. The finite element results, either in 3D or 2D conditions, indicate that the 
shape of the settlements profile can’t be exactly estimated by the Gaussian curve. Neverthe- 
less, it seems that generally, the differences are not significant and, in any case, the absolutely 
maximum rotation corresponds to the inflection point of the settlement curves, derived from 
those F.E. analyses. 

The distribution of the rotation 6 ~ tan on the surface for various normalized depths of the 
tunnel and specific values of the coefficient K and the contraction, is illustrated in Figure 6, 
from which the following can be pointed out: 


i) In a specific distance from the center line (x/R) the rotation increases for higher contraction 
values and lower normalized depths of the tunnel. 

ii) The maximum rotation is observed in distances increasing with increasing of the normal- 
ized depth H/R (The distance of the inflection point increases correspondingly). 
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Figure 6. Distribution of the rotation tan0 on the surface, (greenfield): Effect of the normalized depth 
of the tunnel. 


5 THE CASE OF ATHENS METRO 


5.1 Geological and geotechnical conditions 


The Athens Metro has been driven by different methods for the various lines or parts of lines, as 
TBM, EPB-TBM or Conventional Excavation, depending on both geological conditions and the 
restrictions of the surface settlements (for example 20 mm in some cases). In the cases of 
the bored tunnels as TBM, the final internal diameter was of the order of 8.50 m, the precast 
concrete segments of the lining had thickness 0.35 m, while the excavation diameter was 
D = 9.50 m approximately. According to many researchers (for example Koukis and Sabataka- 
kis, 2000), the geological basement of the city of Athens, consists from the so-called “Athens 
schist” series, up to considerable depth, including schists, shales, sandstones, marls or even lime- 
stones, etc. The Athens basin is covered in places by Tertiary deposits as sandstones, conglom- 
erates, marls and mixtures of sand, silt and clay. Evidently, many geotechnical units appear at 
places, with different mechanical characteristics and a considerable dispersion of their values. 

Cumulative presentation of the shear strength parameters evaluated or measured for clay 
shales placed among the series of Athenian schist, is given in Figure 7. 

The combinations of the parameters in terms of c’-tang’arose, as follows: 


i) From laboratory tests, especially direct shear tests, on suitable samples given from boreholes. 
ii) From plate load tests, which were carried out in exploratory excavations or small diameter 
tunnels. 
iii) From evaluation of the Geological Strength Index in conjunction with the unconfined com- 
pression tests on intact samples of weak rock, according to Hoek-Brown (1997) criterion. 
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Figure 7. Athens schist, cases of clay shale: Shear strength parameters. 


In the latter case, a lower bound (GSI = 20, m; = 7) and an upper bound (GSI = 25, m; = 8) 
are estimated. A similar dispersion can be observed for the elastic modulus E, from either lab 
tests or plate load tests. 


5.2 Back analyses of specific cases 


Michalis and Kawvadas (1999) and Koukoutas (2015) presented a large number of measurements 
of the surface settlements. In each case, it is easy to calculate (by regression analysis) the maximum 
settlements (maxu,) and the distance of the inflection point, I, by the assumption of Gaussian 
curve, according to Equation (1). A typical evaluation of these measurements is presented 
in Figure 8, where the best fitting Gaussian curve was resulted. The relevant back analysis with 
the specific soil stratigraphy and parameters, by 3D F.E. method was in good approximation with 
the measured settlements, especially at the vicinity of the center line of the tunnel. The shape of 
the settlements trough, particularly the distance of the inflection point is of special interest. 
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Figure 8. A typical evaluation of settlements measurements: Athens Metro, H/D = 2.09, V/V = 0.49% 
(Measurements after Koukoutas, 2015). 


Figure 9 introduces the following: i) The relation of the normalized distance i/R with the 
normalized depth of the tunnel’s center, H/D (D = 2:R, the diameter), as resulted from regres- 
sion analyses. Most of this data was presented by Koukoutas (2015). 11) Results from back- 
analyses by 3D F.E. method. iii) The following statistical relationships: 

i/R = 1.05 - (H/D)-—0.42 after Oteo and Sagaseta (1982) 

i/R = 1.79 - (H/D)-1.17 after Georgopoulos (2004) 

i= 0.5-H after Mair and Taylor (1997) 

It may be noted that the relationship after Georgopoulos was based on limited meas- 
urements (up to year 2003) during the construction of the Athens Metro. It seems that 
the F.E. results approach the relationship after Oteo and Sagaseta. It is also obvious 
that the scatter of the results is very significant. 
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Figure 9. Position of the maximum rotation at the surface: Measurements and estimations. 


6 CONCLUSIONS 


a) 3D F.E. analyses using the HS model approach the well-known trends of surface settlement 
development, caused by shallow tunnels. b) Among the main factors affecting the maximum 
settlements, the most important is the tunnel’s contraction, which incorporates not only the soil 
conditions, but the operational parameters of the TBM machine and the construction process, 
as well. c) Besides the self-evident effects of the tunnel’s depth, the surface settlements are heav- 
ily influenced by the coefficient of the in-situ stress field, K. For larger K values, shallower and 
wider settlement troughs were resulted from the 3D F.E. analyses. d) The relation between the 
normalized distance of the inflection point, i/R and the normalized depth of the tunnel, H/D, 
after the evaluation of settlements measurements during the constriction of Athens Metro, pre- 
sents significant scatter. Nevertheless, 3D F.E. analyses indicate a good approximation with the 
linear relationship after Oteo and Sagaseta (1982), for depths H/D < 4. 
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ABSTRACT: The new Messina-Catania-Palermo railway line is the Southern section of the 
Scandinavian-Mediterranean Core Corridor of the Trans-European Networks-Transport. 
This alignment, located in Sicily (Italy), has an overall length of 240 km from Giampilieri 
(Messina) to Fiumetorto (Palermo) crossing known tourist destinations as the coast cities of 
Taormina and Catania and inland cities as Enna and Caltanissetta. 

The project represents one of the major infrastructural investments of the Italian State Railways 
for the incoming decade (about 10 billion euro) aiming to bring to Sicily an efficient railway 
system and to partially convert the existent railway line (built in the 19th century) as green ways. 

The planning phase focused on the issue of reducing impact on urbanized areas and of 
facing difficult geomorphological features, thus the alignment is manly located underground 
with 50% of its total length constituted by tunnels. 

Moreover, according to the “Technical Specifications for Interoperability” European regu- 
lation for safety in case of single track railway tunnels, safety underground works were 
planned also with the aim of guaranteeing a sustainable development and exploitation of the 
infrastructure in the future. 


1 INTRODUCTION 


The new fast link Messina-Catania-Palermo railway line is inserted into the Scandinavian- 
Mediterranean Corridor (Helsinki-La Valletta) reported in Figure 1. Implementation of the 
Trans-European Transport Network (TEN-T) will represent a milestone for the connection 
between the Southern regions of Italy and those of Northern Europe and Central-Eastern 
Europe, in line with the spirit of European economic and social cohesion and integration policy. 

Messina-Catania-Palermo railway modernization is the most important project of the Ital- 
ian State Railways Ferrovie dello Stato Group’s Industrial Plan 2021-2031 in Sicily: for a total 
investment of over 20 billion euros, 13.8 billion euro are dedicated to rail infrastructures pro- 
jects and of these, 9.3 billion euros are destinated to the Messina-Catania-Palermo railway 
upgrade. Main goals of this project are related to: 


— realizing a rail connection according to the interoperability standards required by the European 
Union Regulations “Technical Specifications for Interoperability (TSI) relating to the ‘Infra- 
structure’ subsystem of the rail system” (European Commission 2014, amended in 2019); 

— increasing globally the line capacity (freight and passenger trains) on a regional scale with 
a new electrified connection, speeding up the current line allowing to reach a max velocity of 
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200 km/h and reducing the travel time between the cities along the lines (i.e. less than two 
hours from Palermo to Catania instead of the three hours needed with the existing line); 

— increasing the level of railway interchange with the Sicily airport system including Palermo 
“Punta Raisi” and Catania “Fontanarossa” airports. 
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Figure 1. TEN-T core network corridors on the left with the Messina-Catania-Palermo railway line 
project (Sicily, Italy) focused on the right. 
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Figure 2. Percentage of underground works along Messina-Catania-Palermo railway line project. 


This new line has a total length of about 240 km characterized by a coastal route, from 
Messina to Catania at East, and an inland route connecting Palermo to Catania (Figure 1): 
reaching a maximum tunnel cover of around 600 m, the line development is composed by 
underground works for almost the 50% of its total extension (Figure 2) and it is divided in 
different sections which description is reported in the following paragraphs. 


1.1 Messina-Palermo section 


On Fiumetorto-Cefalu-Castelbuono section, with a total length of 13 km, the excavation by 
conventional method of the single tube double track Sant’Ambrogio tunnel 4 km long (with its 
pedestrian emergency exit/access according to TSI regulations) and the short Malpertugio 
tunnel 140 m long, is currently ongoing. In addition to that, 6.7 km long Cefalù double track 
tunnel (10 m inner diameter) is going to be excavated by a Dual Mode TBM. Besides, an under- 
ground station is going to be built to serve the town of Cefalù. The project completion will 
allow a direct connection to the Cefalù tourist center from Palermo “Punta Raisi” airport. 


1.2 Palermo-Catania section 


This section, representing one of the most exciting challenges of the project with a total length 
of 180 km, will link the two most populated metropolitan areas, Palermo and Catania, passing 
through the inner central portions of the island (crossing the inland cities Enna and Caltanis- 
setta) with totally more than 70 km in underground. Palermo-Catania section is divided in two 
subsections, the first one Bicocca-Catenanuova (total length 37 km) is currently under construc- 
tion, while the second one, Catenanuova-Fiumetorto (total length 143 km) is divided in the fol- 
lowing construction lots, some of them in public tender stage, others next to be bid (“design and 


853 


build” contracts) according to a final design performed by the engineering firm Italferr for the 
client Rete Ferroviaria Italiana (RFD, infrastructure manager of Italian State Railway: 


— Fiumetorto to Lercara: with a total length of 30 km, Alia tunnel 19.9 km long (8 m inner 
diameter) in final design phase will be excavated by mechanized method representing the 
3° longest tunnel in Italy; the configuration is of single track double tube tunnels with ped- 
estrian emergency cross passages every 500 m (with spacing between tunnel axis generally 
around 40 m) according to TSI regulations. 

— Lercara to Caltanissetta Xirbi: the total length of this lot, next to the tender bid phase, is 
around 47 km of which 21 km are in underground with no.7 tunnels: Santa Catena and 
Nuova Marianopoli tunnels, respectively of 7.8 km and 6.6 km, are single track tunnels 
with 8 m inner diameter, planned to be excavated by mechanized method: a parallel tunnel 
with the same inner diameter of the main railway line will be excavated (Figure 3), in a first 
phase having the role of safety driveway tunnel as emergency exit (as for the TSI regula- 
tions) while in a second phase it will be converted in a rail tunnel for the doubling of the 
line. This safety tunnel is linked to the main tunnel with around 40 m long pedestrian cross 
passages every 1,000 m (doubled in number when both rail twin tunnels will be in oper- 
ation) and driveway cross passages every 4,000 m. The other no.5 tunnels of this line are 
single track tunnels excavated by conventional method: pedestrian emergency exits/accesses 
are planned at no more than 1,000 m in case of tunnels longer than 1 km. 

— Caltanissetta Xirbi-Enna-Dittaino: this line, partly just awarded and in detailed design phase 
(Enna-Dittaino) and partly next to the bidding process (Caltanissetta Xirbi-Enna), is 43 km 
long while 28.5 km are in underground with no.6 tunnels. Salso, Trinacria and Sicani tunnels, 
respectively 3.9 km, 13.5 km and 5.3 km long, are single track tunnel with inner diameter of 
8 m, excavated by mechanized method: these tunnels are also designed to have a parallel 
safety tunnel (with the same characteristics in terms of cross passages described for the previ- 
ous lot), then converted in railway line in a second phase. The other no.5 tunnels of this line 
are planned to be excavated with conventional method: they are single track tunnels with 
pedestrian emergency exits/accesses at no more than 1,000 m each (TSI regulations). 

— Dittaino to Catenanuova: recently tender awarded, this line 22 km long has 2.3 km in 
underground with no.3 tunnels. Two of them are single track tunnels, while one is a double 
track single tube tunnel: all tunnels will be excavated by conventional method. Being those 
tunnels less than 1,000 m long, pedestrian emergency exits/accesses are not needed. 


SECTION A-A 


Figure 3. Schematic transversal section of the rail tunnel linked with a pedestrian cross passage to its 
parallel safety driveway tunnel as emergency exit according to TSI regulations. 


1.3. Messina-Catania section 


This portion of the route will complete the doubling of the railway line from Messina to Cat- 
ania through 42 kilometers of new track (of which 37 kilometers are tunnels) between Fiume- 
freddo (nearby Catania) and Giampilieri (nearby Messina), including an underground station 
in the fascinating touristic destination of Taormina. The project is divided in two lots, Fiume- 
freddo-Taormina-Letojanni and Taormina-Giampilieri, both awarded in March 2021. The 
project will link the two main cities on the East cost of Sicily: once works will be completed, 
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the travel time between Messina and Catania will be reduced by about 30 minutes, thus allow- 
ing a metropolitan service to be efficiently developed from Catania to Taormina/Letojanni. 
The two lots are as follows: 


— Fiumefreddo-Taormina-Letojanni: the total length of the lot is around 13.9 km of which 
9.5 km are in underground with no.2 tunnels, named Calatabiano double track 3.3 km long 
tunnel EPB TBM excavated (11 m inner diameter) and Taormina single track 6.2 km long 
tunnel (8 m inner diameter), Dual Mode TBM excavated. Besides, the new line includes an 
underground station in the urban area of Taormina with a maximum cover of around 
150 m (built enlarging the tunnel section previously excavated by TBM below two existing 
highway tunnels) and a 1.1 km tunnel excavated by conventional methods that will connect the 
new line with the existing line. Pedestrian cross passages (with length of 35 m) every 500 m are 
provided for Taormina tunnel while three pedestrian emergency exits/accesses will connect the 
Calatabiano tunnel with the surface (according to TSI reg.). Then, no. 7 circular shafts (max- 
imum depth of more than 110 m) with diameters ranging between 7.5 and 18 m are also 
designed for different functional and plant needs. It is worth mentioning that up to 600,000 
cubic metres of excavated material generated from tunnel boring will be used to nourish San- 
t’Alessio Siculo (Messina) eroded beach. 

— Taormina-Giampilieri: 28.3 km long, 25.3 km are in underground with no.8 tunnels. No.5 
single track double tube tunnels (8 m inner diameter), with a total length of 22.5 km will be 
excavated by mechanized method (both with EPB and Dual Mode) and pedestrian cross 
passages are planned every 500 m. 


1.4 Catania urban junction 


A new double track single tube line will underpass the city of Catania with no. 3 new underground 
stations. The new line in prelaminar design phase, with a total length of 7.5 km includes a 1.3 km 
EPB excavated tunnel with 10 m inner diameter and a cover between 8 and 18 m below a dense 
urban area underpassing also an archaeological Greek-Roman site; a pedestrian emergency exit/ 
access is provided according to TSI regulations. The project will allow a new metropolitan railway 
service through the whole urban area integrating the existing metro services; also close to the 
tender bid phase is the extension of the line to the Catania “Fontanarossa” airport. 


2 GEOLOGICAL AND GEOTECHNICAL KEY-FACTORS 


2.1 Geological framework 


From a geological point of view, Sicilian territory can be divided into five main sectors: west- 
ern, central, north-eastern, eastern and south-eastern. Its complex geological and geomorpho- 
logical conformation must be attributed to the African Plate collision with the European Plate 
occurred starting from the Upper Cretaceous. 

As regards the structural layout of the island reported in Figure 4 (Monaco & De Guidi 2006), 
Sicily has three main tectonic elements: the Apennine-Maghrebian Chain, the Hyblean Foreland 
and the Fold and Thrust Belt also called “Caltanissetta Basin” which occupies a large part of cen- 
tral Sicily where the most portion of the railway route described in this paper is located. 

In fact, the Palermo-Catania inland route of the line passes through this central portion of 
the island crossing for most of its extent the Terravecchia Formation (late Tortonian - early 
Messinian), two tectonic units belonging to the Numidian Flysch constituting the deformed sub- 
stratum (the Nicosia Unit, early Miocene, and the Monte Salici Unit, late Oligocene - late Bur- 
digalian) and the Varicoloured Clays (Cretaceous to Oligocene age), (Maniscalco et al. 2010). 

The Terravecchia formation is composed by shallow marine sands, fluvio-deltaic conglom- 
erates and a finer-grained clay unit. Numidian Flysch consists of clays, silty-clays and inter- 
layered quartzarenites and conglomerates. Varicoloured Clays is formed by clays with 
micaceous silts, quartzarenite and micro-conglomerate interbeds with silty or marly clays in 
alternation with levels of clayey marl, fissured and clay shales, sandstones or calcarenites, with 
shear planes and a chaotic structure due to a high degree of tectonization. 
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All these formations show an intrinsic heterogenous structure derived from the tectonic stresses. 
As a matter of fact, the whole area interested by the new line is indeed tectonically active: several 
earthquakes have been registered mainly in the north part of the island, with a high occurrence of 
seismic activity due to the presence of numerous fault systems with values of peak ground acceler- 
ation (10% probability of exceedance in 50 years, referred to the seismic bedrock, in accordance 
with the Italian code) ranging between 0.125 ay up to 0.225 ag, as reported in Figure 4. 

Furthermore, Sicily is the Italian region with the highest number of sites characterized by 
natural gas manifestations on the surface as recorded for centuries now. In fact, formations 
crossed by the Palermo-Catania underground works in project, both through bibliographic, 
historical studies and site investigations, have been identified as potentially gaseous deposits 
due to their geological and structural conditions: soil gas survey confirmed gas presence in the 
subsoil, particularly methane, and numerous bibliographic data reported the presence of 
methane in a zone few kilometres far from the railway line in a similar geological context. 

Then, all the main lithotypes crossed on the inland route (Terravecchia formation, Numidian 
Flysch and Varicoloured Clays) emerged as potentially affected by the presence of methane gas. 


Peak ground acceleration with 
Seismic Zone | 10% probability of exccedance in 
SO years (ag) 


0.25 <ag 2 0.35g 
0.15 < ag < 0.25g 


0.05 <ag <0.15g 


ag < 0.05g 


Figure 4. On the left, geological-structural map of Sicily with its principal structural features; on the 
right, peak ground acceleration in the island (10% probability of exceedance in 50 years). 


2.2 Geomorphological framework 


The mainly underground development of the line defined at the design phase significantly reduces 
the infrastructure interaction with a territory characterized by a widespread presence of landslides: 
some of them are active, others are quiescent but susceptible to be reactivated in case of modifica- 
tion of the external conditions. For the most part of the railway line, the overburden is such that 
that there is no interaction between tunnels to be excavated and landslides on the surface, leaving 
only some possibility of interference with eventual slope instabilities at the tunnel portals. 

Therefore, in this specific conditions during the design stage state of activity of recognized 
landslide phenomena has been investigated by means of existing geomorphological studies, 
geological and geomorphological survey, geological and geotechnical investigations (both 
in situ and in laboratory) and even by satellite radar monitoring, using the SquaeeSAR™ (Fer- 
retti 2014) differential interferometric analyses technique with superficial ground movements 
monitored over a period of about 10 years (Figure 5). 


2.3 Geotechnical features 


Focusing on the Palermo-Catania railway line with its 71 km in underground, as previously 
mentioned the main geotechnical units crossed along the 90% of its extension are the Terravec- 
chia formation, the Numidian Flysch and the Varicoloured Clays described in detail as follows: 


— regarding the Terravecchia formation, the finer-grained clay lithofacies (TRV) is excavated 
for approximately 29.9 km, the sandy-marly-conglomeratic lithofacies (TRVa) for 9.8 km 
and the clay breccias and brecciated clays lithofacies (TRVb) for 1.2 km; 

— about the Flysch Units, Numidian Flysch both silty-clayey (FYN5) and clayey-calcareous 
(FYNS5a) are crossed for approximately 15.9 km, the Nicosia Member for 2.7 km and the 
Monte Salici Member (FY N3/3a) for 0.7 km; 

— the Varicoloured Clays (AVF) are excavated for a length of 2.6 km. 
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Figure 5. Satellite data of monitored points adopted at design phase on Fiumetorto-Lercara lot. 


These three units can be defined as “structurally complex” formations: according to Esu 
(1977) and AGI (1985), the Varicoloured Clays can be classified into the ‘A2' group (sheared 
clay shales and shales), the Numidian Flysch as ‘B1’ or ‘B?’ group (disarranged layers of com- 
petent rock and clay or clay shales) and the Terravecchia (TRVb of which a specimen in 
Figure 6) as ‘B3’ group (as ‘B?’ group in case of chaotic structure). 

Terravecchia (TRV) is undoubtedly the main formation to be excavated even with really high 
overburden such as 490 m for the Nuova Marianopoli Tunnel on the Lercara to Caltanissetta 
Xirbi lot and 570 m for the Trinacria Tunnel on the Caltanissetta Xirbi to Dittaino lot; with the 
aim of recreating soil condition close to the in-situ stresses at higher depths, undisturbed samples 
have been retrieved and tested by means of non-conventional triaxial compression tests at a mean 
effective stress (p’) equal to 3,000 kPa. Samples showed significant different failure behaviour in 
terms of shear resistance, related to the presence of pre-existing fissures and shear planes (an 
example in Figure 6), however as expected they showed higher strength parameters if related to 
the conventional triaxial compression tests and drained direct shear tests. Besides, in order to 
identify the potential swelling behaviour of clayey units, oedometric tests have been carried out 
according to the Huder-Amberg method (Romana & Serón 2006): swelling coefficient values 
k (proportional to the soil swelling capacity) derived from these tests ranged between 1.4 and 3.3 
for the Terravecchia formation and between 1.4 and 7.3 for the Varicoloured Clays and the 
clayey component of the Numidic Flysch, showing respectively a low and medium potential swell- 
ing behaviour. In the end, to study the possible presence of tectonic component with consequent 
asymmetric stress field and to define the in-situ principal stress direction, hydraulic fracturing 
tests have been carried out even at depths greater than 300 m: values of coefficient of earth pres- 
sure at rest obtained by these tests reached the maximum value of 1.5 at the depth of 209 m in the 
Numidic Flysch (sandstone lithofacies). 


Figure 6. On the left, clay breccias and brecciated clays specimen (TRVb), while on the right, shear 
planes on a laboratory sample (TRV) with its chaotic structure. 
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3 MECHANIZED EXCAVATION AS MAIN DESIGN SOLUTION 


The main technical solution introduced at the design stage of the Messina-Catania-Palermo 
railway line is represented by the intense adoption of the mechanized excavation method both 
with EPB and Dual Mode TBM, involving the presence of totally no.26 TBMs in Sicily in the 
next years (Figure 7) mainly to meet the peremptory deadlines about the completion of the 
works set by European Union to apply for funds linked to the Recovery and Resilience Facil- 
ity Plans in which most of the described project sections in the paper are involved. These 
machines will excavate a total of nearly 180 km of tunnels representing more than 80% of the 
entire development of the tunnelling project (Figure 8): in fact, around 170 km single track 
double tubes (including emergency parallel tunnels to ensure compliance with TSI European 
regulation for safety, in plan to be converted in single track railway lines) and 10 km double 
track single tubes will be mechanized excavated, while only about 35 km of tunnel lines and 
related underground connections most of them necessary to comply with the TSI regulations 
(cross passages, emergency exits/accesses, etc.) will be excavated with conventional methods. 


lu SECTIONS 
— | Fiumetorto-Cefalù-Castelbuono | construction 
Fiumetorto-Lercara final design 
rcara-Caltanissetta Xirbi final design | 
Itanissetta Xirbi-Enna-Dittaino | final/detailed design | 


| Dittaino-Catenanuova | detailed design | conventional tunnels 
=| Fiumefreddo-Taormina-Letojanni_| construction 
=| Taormina-Giampilieri construction 
=| Catania urban junction g | preliminary design 
= Rest of the line final design 


Figure 7. n. 26 TBMs adopted along the different Messina-Catania-Palermo railway line sections in project. 
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Figure 8. Excavation method in percentage adopted along Messina-Catania-Palermo railway line project. 


The mechanized excavation doubtless permits to speed up the works, performing works of 
even higher quality and providing in advance a traffic corridor towards which moving the 
flow of needed materials and semi-finished products during construction, thus relieving the 
traffic load on the existing road network. In particular, main advantages related to the mech- 
anized excavation adoption in this project can be summarized as follows: 
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— organizing of construction site in a more efficient and sustainable way due to a strong indus- 
trialization, reducing pressures on the territory related to vehicular traffic as well as limiting 
environmental impact on the ground due to less occupation of the construction site areas; 

— achieving significant savings in non-renewable resources and permitting lower emissions 
into the atmosphere during the construction works; 

— concentrating materials storage, concrete mixing plant and segments prefabrication in a unique 
operating site, simplifying then the procurement phase and improving the logistic management; 

— homogenizing excavation and precast segmental lining installation which industrialization 
introduces a significant reduction in operational risk in terms of safety at work; 

— guarantying greater certainty for the work schedule objectives achievement, as well as 
bringing a general added value to the entire project; 

— minimizing ground deformations with earth counterpressure in the excavation chamber, so 
that limiting risk of interferences with pre-existing structures and mitigating impacts of the 
excavations to the surrounding aquifers. 


The solution of the double tube tunnel was widely planned at the design stage also with the 
aim of performing a quick completion of the works through the contemporary mechanized 
excavation of both tubes from both portals, with a total of four machines for each double tube 
tunnel in project. On the contrary, for the Taormina-Giampilieri lot where a more flexible work 
schedule is allowed, the five twin tunnels are sequentially excavated with three machines starting 
from the even tracks. In this case, the construction phases have the following further benefits: 


— the first excavated even track tunnels allows to know the geology context improving the 
construction approach for the odd track tunnels to be excavated afterwards; 

— the even track tunnels can be used for logistic purposes during the odd tunnels construction; 

— the cross passages construction can be partially anticipated on the work schedule by start- 
ing excavations from the excavated even track tunnels. 


4 CONCLUSION 


The new fast link Messina-Catania-Palermo railway line in Sicily (Italy) on the Scandinavian- 
Mediterranean Core Corridor of the Trans-European Networks-Transport (TEN-T) represents 
one of the main infrastructural investments of the Italian State Railway for the next decades 
realizing a rail connection according to the interoperability standards required by the European 
Regulation and permitting to increase the line capacity on a regional scale thus reducing the 
travel time between the main cities along its lines. 

Due to the peculiar and various geological and geotechnical contexts crossed by the tunnels 
in project, the design stage focused on solutions to face with major issues such as soil and rock 
masses affected by a significant tectonic history, interaction with unstable slopes, methane- 
bearing deposits and high seismic actions. The main tunnelling design solution of the Mes- 
sina-Catania-Palermo railway line is represented by the massive adoption of the mechanized 
excavation method with no.26 TBMs that will operate together in Sicily in the coming years. 
All the works were planned to ensure a significant sustainable development of the infrastruc- 
ture with its exploitation in the next future. 

For all these reasons, planning and design approaches developed in this new major railway 
infrastructure laid the basis for a new design benchmark for the Italian Railways. 
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ABSTRACT: The new High Speed Rail 2 (HS2) connects London (UK) with West Mid- 
lands and in its central section includes 3No. twin Cut and Cover precast concrete tunnels 
(‘Green Tunnels’), totaling 6.7km in length with up to 16m of cover. This Paper presents the 
design methodology adopted to evaluate specifically the Green Tunnels response to the 
design situation of the accidental fire load. The design approach required firstly a simplified 
fire assessment, followed by an advanced numerical analysis. The non-linear numerical ana- 
lysis adopts a transient semi-coupled thermal-mechanical numerical analysis with tempera- 
ture dependent thermal and structural properties. The results of the two approaches are 
presented and compared. Finally, the fire test results, conducted at CERIB, France, are pre- 
sented and validated against the design requirements drawing useful comparisons and 
conclusions. 


1 INTRODUCTION 


1.1 Background of the project 


The High Speed Rail 2 (HS2) provides a high speed railway network, increasing con- 
nectivity across the UK. Phase One links London to the West Midlands, as well as 
connections to HS1. The rail network consists of bored tunnels in Phase One from 
Euston Station and a combination of at grade rail and both cut-and-cover and bored 
tunnels in Phase Two. 

Part of HS2 new network are the Wendover (1,4km), Greatworth (2.7km) and Chipping 
Warden (2.5km), so called ‘Green Tunnels’, which are located next to Wendover and north of 
Greatworth and Chipping Warden villages respectively. To avoid visual and noise impacts to 
villages the grade rail shall be lowered and pass into in all cases - a tunnel, termed a “Green 
Tunnel’, emerging to the north of both villages. 

The Green Tunnels are to be constructed using the cut-and-cover method with a combination 
of pre-cast concrete elements for the central pier and roof elements and cast in-situ reinforced 
concrete for the base slab. The depth of each element varies from 400mm, 700mm and 650mm 
thick for the roof, central pier and base slab respectively. The pre-cast concrete roof elements 
are connected to the central pier and external walls with ‘pinned’ (knuckle) joints formed with 
concave to convex faces. All other joints are formed with construction joints i.e. full moment 
connections. Details about the scheme and its design features can be found elsewhere (Smith 
et al, 2023). 

To that end, this paper presents the structural fire design of the tunnel including the design 
methodology, calculations and a summary of the fire testing and verification. Two methods 
have been adopted, a simplified approach and an advanced method. 
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Figure 1. Cross section of precast arch solution for the ‘Green Tunnels’. 


1.2 Fire design requirements 


The Employer’s (HS2) Specification requires all areas exposed to a train fire to be designed to 
withstand for the EUREKA time - temperature curve, also known as the RABT ZTV German 
requirement for train tunnels, as a separate Design Situation. 


O 20 40 60 80 100 120 140 160 
Fire Duration (minutes) 


Figure 2. The Eurekal70 fire curve. 


The temperature propagation into the concrete shall be calculated in accordance with BS 
EN 1992-1-2. Furthermore, according to HS2 specification, the following design requirements 
must be considered when assessing the tunnel lining; Material degradation, Thermal expan- 
sion, and Spalling depth, as obtained from panel tests. 

All three requirements have been adopted into the design with the material degradation and 
thermal expansion in accordance with the Eurocodes. The spalling depth was to be limited to 
20mm in design and validated with two full scale fire tests. It is logical to ensure the tunnel 
does not fail during or after the fire, with the short-term safety factor of unity. Calculations 
are non-linear and shall consider the decrease in stiffness. 


1.3 Tunnel fire design methods 


Tunnels which adopt a protective lining are relatively simple to design where the interface tem- 
perature between the protective lining and tunnel surface are restricted to up to 380°C in. This 
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approach will avoid damage to the lining resulting in faster re-opened times and reducing 
costs associated with rectification works and reduced non-operational times. Tunnels without 
a protective lining, such as the Green Tunnels, require a more complex analysis to assess the 
lining for stability during and after the fire event to consider the thermal load and the effects 
of spalling and material degradation. 

There is no single or codified approach for assessing tunnels for accidental fire loads which 
has been widely accepted or adopted in practice. To date, many different methods have been 
used, as presented elsewhere (Moncton et al, 2022). 

The design methodology adopted here is based on a ‘mixed’ approach. A simplified assess- 
ment (not presented here) was completed at the start of the design to assess the lining forces 
and then a more time consuming advanced thermal-mechanical numerical model. Two sets of 
full scale fire tests were conducted at CERIB, France, to validate the design assumptions and 
numerical modelling. Details of both the advanced method and fire testing are provided in the 
following sections. 


2 ADVANCED CALCULATION METHOD 


2.1 Derivation of fire sectional forces 


In the simplified approach a 2D beam-spring model with an equivalent temperature load 
applied to the internal face. The tunnel joints are modelled with axial-force dependent rota- 
tional springs and the soil-structure interaction is modelled with radial compression only 
springs. A temperature envelope encompassing all the thermal gradients was adopted as the 
final temperature profile and this was deemed to be a conservative approach. It is not possible 
to input a nonlinear temperature profile into beam-spring models, therefore an equivalent 
load must be calculated and converted to a uniform temperature and a temperature difference 
across the section depth. 

The finite element software package LUSAS (FEA Ltd.) has been adopted to calculate the 
temperature distribution through the tunnel segments and for all remaining numerical models. 
The temperature dependent properties are in accordance with BS EN 2004-1-2:2004. The 
derived forces were used to inform the fire testing set up. 


2.2 Description of the advanced numerical model 


Once the simplified design approach had been completed an advanced analysis adopting a semi- 
coupled thermal-mechanical analysis was solved to support and verify the simplified approach. 
A semi-coupled analysis is deemed suitable as the numerical solution firstly solves the thermal 
analysis at pre-defined times steps and subsequently solves the structural analysis in time steps 
whilst adding the temperature gradients from the prior thermal analysis. The advanced model 
includes the effects of concrete spalling, temperature dependent properties, thermal expansion 
and cracking and crushing of concrete. Spalling was modelled by deactivating two 10 mm thick 
elements at pre-described time intervals and reapplying the EUREKA fire load each time to the 
newly exposed surface. 

Plain strain shell elements, sometimes referred to as area elements, have been utilised to 
model the ground and the tunnel lining. The adoption of shell elements for the tunnel lining 
was chosen specifically to capture the non-linear stress behaviour expected through the liner 
during the fire event, which was not captured with beam elements adopted in the simplified 
method. 

To reduce the computational effort, the ground and the tunnel lining adopted linear elements 
rather than quadratic elements. Although there is a reduction in accuracy with lower order elem- 
ents, this has been offset by significantly increasing the mesh density in the areas subjected to 
the thermal loading. To further reduce the computational effort, modelling of the full embank- 
ment has been avoided by adopting suitable boundary conditions. 
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The LUSAS concrete model simulates directional cracking, crack closure and shear contact 
(or aggregate interlock) behaviour in an integrated manner, while accounting for the type of 
damage and triaxial frictional response that characterises the behaviour of concrete in com- 
pression. The smoothed multi crack concrete model solution was invoked in the finite element 
code. 


2.3 Modelling of concave to convex joints 


The concave to convex joints were modelled explicitly following the actual geometry. The con- 
tact between the two faces must transfer shear and axial forces, have zero tension i.e. allow 
free rotation and friction development. This is particularly challenging because the geometry 
of each face has a different radius. LUSAS offers contact elements that meet the aforemen- 
tioned objectives with elements called “slidelines”. The slidelines were assigned to all the con- 
cave and convex faces with a frictional coefficient of 0.5, in accordance with BS EN 1992-1-1, 
assuming a smooth interface between the pre-cast concrete elements. 


2.4 Material properties 


The precast concrete is Class C50/60. Linear concrete properties are assigned to the right cell 
of the tunnel where the fire load is not applied. The material parameters for both concrete and 
steel exhibit changes at elevated temperatures and are therefore temperature dependant. Typ- 
ically, these parameters will experience reductions, for example, the compressive strength and 
Young’s modulus. By contrast, the coefficient of expansion and fracture energy increase prior 
to decreasing at higher temperatures. The thermal conductivity and specific heat capacities of 
concrete are also temperature dependant. The temperature dependent mechanical properties 
for concrete are in accordance with BS EN 2004-1-2:2004 and the fracture energy (Monckton 
et al, 2022). Some mechanical properties are shown in the following figures below: 


Young's Modulus (kPa) Fracture Energy per Unit Area (kJ/m?) 
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Figure 3. Various concrete properties variation with temperature. 
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The steel reinforcement is modelled with linear-elastic material properties and assigned 
as plate elements with an equivalent thickness. The plates are modelled within the tunnel 
lining with a nominal 50mm cover. The elements carry only axial forces and no moments 
or shear forces 

The backfill consists of different zones and has been modelled as per the construction sequence 
with a number of lifts to ensure the correct stress history is obtained, refer to Figure 4. 


Figure 4. The backfill zones as modelled (Mohr-Coulomb materials). 


The ground water pressure corresponding to 5m head above the tunnel lining has been applied 
as distributed line load acting perpendicular to the extrados of the tunnel lining. The ground 
water pressure is applied to the model when the backfilling stages are completed. 


2.5 Numerical model findings 


The advanced numerical non-linear model considers the ground-structure interaction. To 
reduce the size of the model and computational time, only the tunnel lining and backfill 
were modelled. The base of the tunnel and embankment boundaries were modelled as 
springs with a calibrated stiffness of 50 MPa, which were derived in a separate soil- 
structure interaction model accounting for the construction sequence and backfill build- 
up. The global structural stability was also assessed by verifying the sectional forces and 
lining deformations. 


Figure 5. Exaggerated deformed shape under fire load (thermal gradient on left span only). 


The concrete stress across the lining is presented in Figure 6. A compressive (positive) stress 
can be seen to develop on the intrados with equilibrating (negative) tensile stresses advancing 
in front towards the extrados. It should be noted however, that in the version of LUSAS 
(V19.2) used, load induced thermal strains (LITS) are not incorporated which would have 
resulted in larger stresses being solved in this model. 
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In the present analysis the tensile capacity of the concrete is exceeded, resulting in cracking 
(less than 0.1mm). As the temperature reduces these cracks appear to close. Internal cracking 
in concrete sections during heating has been referenced by Monckton et al (2022) and is attrib- 
uted to the non-linear temperature gradient and effect of the cooler concrete which acts to 
restrain thermal expansion. These micro cracks may create a water path (there was partly evi- 
dent in the fire tests described below). As long as this section of the lining always remains in 
compression the future operation of the tunnel will be unaffected. 
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Figure 6. Concrete stress across tunnel lining section at t=0 (left) and t=68min (right). 


2.6 Convex to concave joint behaviour 


Rotation of the joint occurred during the modelling of both construction of the backfill and 
under the actions of the EUREKA fire load. In general, the stresses at the joint reduce as a result 
of the rotation, see Figure 7, which show the stress redistribution at the joint during the analysis. 
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Figure 7. Hoop stress distributions at time:0 (left) and 68minutes (right). 


There are several advantages of the advanced calculation. Firstly, the method results in lower 
steel rebar quantities as the analysis returns lower structural forces. This method enables to 
accurately model the stress development across the lining and predict potential non-linear 
behaviour of the concrete, particularly cracking due to equilibrating stresses which may 
impact the future operation of the tunnel. Finally, the method can also accurately predict the 
deformations to ensure the tunnel does not encroach on the kinematic envelope and reduce 
operational capacity. 
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3 FULL SCALE FIRE TESTS 


The fire testing programme conducted at CERIB, France was amongst the most comprehen- 
sive for the whole HS2 project. Three types of tests were carried out and included panel (to 
ascertain the optimum fibre dosage), flat slab and pin joint curved slab tests. The latter two 
set of tests were carried out under the anticipated working static load. Separate panel tests 
with cast-in fixings have also been carried out. Of them the most critical was the pin-joint 
test which would validate the pin joint response under EUREKA fire load, see Figure 8. The 
test was conducted on two test samples (1.7m x 1.9m x 0.4m) containing 1.2 kg/m? of poly- 
propylene fibres (32um in diameter). Concrete was a CIA (w/c<0.4), 500kg/ m? binder, with 
a 14mm limestone coarse aggregate. 


| 
i 3 


Figure 8. The full-scale pin joint tests set up and top view during test photo. 


The pin joint test axial load was set to 2000KN at the start of the test. All fire tests resulted 
in no concrete spalling. The tests validated the 20mm spalling assumption adopted at the start 
of the design programme. 


Figure 9. Exposed specimen face before (left) and after test 72h (right). 


Moreover, the temperature gradients below see Figure 10, show a comparison between the 
temperatures obtained at various depths during the fire test (solid lines) and the concrete ther- 
mal model used in the analysis (dashed lines). 
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The analysis results are more conservative, consistently predicting higher temperatures up to 
100mm depth. Comparing the joint rotation between the numerical modelling and laboratory test 
indicated that the model has captured the same behaviour as the joint rotates to accommodate 
the vault expansion, see Figure 11. The analysis also captures the reduction in rotation during the 
cooling period. It is noted that the magnitude of the rotation is higher in the analysis as the ana- 
lysis assumes 20mm of spalling whereas the fire test results have shown no spalling in both tested 
samples. Moreover, the fire test restraints the ends of the samples which would limit the amount 
of movement and rotation at the joint. 
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Figure 10. Temperature comparison between analysis results and test results. 
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Figure 11. Joint rotation of the numerical analysis and test results. 


4 CONCLUSIONS 


This paper has presented the HS2 Green Tunnels fire design analysis approach. Due to its articu- 
lated geometry, this is one of the critical design cases to be verified. An advanced semi coupled 
modelling methodology has been adopted and verified in accordance with BS EN 1992-1-2:2004. 
The advanced methodology adopts the thermal and mechanical dependant properties of concrete 
at elevated temperatures. The behaviour and results have been compared to fire tests conducted 
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on full scale specimen under axial working load. The advanced method of analysis has shown 
good agreement with the full scale fire test results, providing confidence in the methodology and 
confirmation of the structural reliability. 
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ABSTRACT: Once completed, the Montreal Réseau Express Métropolitain (REM) will be the 
fourth largest automated transportation network in the world. This project involves construction 
of a 2.5km of single-track bored tunnel made of precast fiber reinforced concrete (FRC) segmental 
lining which connects Montréal-Pierre Elliott Trudeau International Airport to the rest of light rail 
network. To accelerate the construction of Airport Tunnel, for the first time, steel fiber reinforced 
precast concrete units are adopted for building the tunnel internal structures including the separ- 
ation wall between the egress corridor and the platform walkway, and the slab for egress and plat- 
form walkway. Because of higher quality of precast concrete compared to cast-in-place concrete, 
this solution also results in extending service life of structure. A rigorous geometrical analysis was 
conducted to size the precast units to allow for the alignment curvatures as well as construction 
and manufacturing tolerances arising from different sources, including tunnel ring rolls and seg- 
ment offsets. A three-dimensional model of the internal structures was created using a finite elem- 
ent software to check the precast walls and the precast slabs capacities under design loads, 
including the train-induced aerodynamic pressure. In addition, to further accelerate the construc- 
tion of Airport Tunnel and prevent damages to segment due to drilling, a system of embedded 
sockets in precast segments and prefabricated curved steel channels anchored to these sockets are 
designed to support train’s overhead catenary system (OCS). Before mass production of the precast 
units, a set of dowel pullout tests was completed by contractor on full-size precast segments to 
check the capacity of embedded socket/dowel connection system to the segmental lining. This pro- 
ject showed that with close collaboration among designer, contractor, and precast manufacturer, 
an accelerated and durable construction of bored tunnel’s interior structure using innovative pre- 
cast units can be successfully realized which can have significant benefits for all parties involved. 


1 INTRODUCTION 


The Réseau express métropolitain (REM) is a 67-km long light rail transit (LRT) network 
currently under construction in Greater Montreal, Quebec, Canada. The network will link 
several Montreal suburbs, including Montréal-Trudeau International Airport, to Downtown 
Montreal and includes 26 stations and a 2.5-km long bored tunnel (Airport Tunnel) to Tru- 
deau International Airport. Upon completion, REM will be the fourth largest fully automated 
transportation network in the World. 

The Airport Tunnel is predominantly in rock and excavated using Tunnel Boring Machine 
(TBM) with the tunnel lining made of precast fiber reinforced concrete (FRC) segments 
erected behind the TBM tail shield as the tunnel construction progresses. The tunnel alignment 
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and typical tunnel cross section are shown in Figure 1. The alignment includes two curved sec- 
tions with radii of 600m and 960mm. 

Due to significant length of the tunnel and to meet the requirements of NFPA 130 (2017), an 
evacuation corridor with pressurized air has been included in the tunnel to allow the riders to 
evacuate the tunnel safely during a fire event. This 2-hour fire rated passageway is isolated from 
the rest of tunnel via a 150-mm thick separation wall that sits on the walkway slab as illustrated 
in Figure 1b. During fire, passengers access the corridor through the egress doors which are 
placed approximately every 240m along the tunnel. 


(a) 


Fire-rated FRC 
separation wall ~£ / 


Fire-rated FRC 
walkway slab 


Figure 1. REM Airport Tunnel: (a) alignment and (b) cross section. 


For the first time, the internal structural elements of Airport Tunnel are designed as pre- 
cast FRC units which are assembled inside the tunnel after tunnel lining construction com- 
pletion. In comparison to the customary practice of using cast-in-place (CIP) concrete, 
adoption of precast concrete can significantly enhance the construction quality and shorten 
the construction schedule. The internal structures are anchored to the tunnel intrados 
using an array of Optimas T25x80 bolts and sockets, as shown in Figure 2. The sockets, 
three in an ordinary segment and one in the small key segments, are embedded in precast 
tunnel segments at pre-defined equidistant positions along the segmental ring centerline 
during casting of the segments in precast plant. 
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Figure 2. Optimas T2580 bolt and embedded sockets used for anchoring precast units to tunnel intrados. 
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This paper presents an overview of design procedures for Airport Tunnel internal structures 
including loading, precast unit capacity check, and erections. 


2 PRECAST UNIT SIZING 


To size the precast units for each project, several factors must be considered, including lifting 
equipment capacity during erection, configuration or spacing of connection points, and construc- 
tion and erection tolerances. At the time of Airport Tunnel design, precast units had already 
been used on REM project inside Mount Royal Tunnel, and the designers were aware of contrac- 
tors lifting equipment capacity. As a result, the weight of each precast unit was aimed to be kept 
under 30 kN. Each segmental lining ring has a length (segment width) of 1700mm. The precast 
wall and slab units were sized to be a multiplier of this number to facilitate the connection design 
to the tunnel lining while not exceeding the lifting capacity. 

The construction tolerance for tunnel segmental lining was set at 50mm. The joints between 
the adjacent precast units and at tunnel lining-precast unit interface should be large enough to 
provide a buffer area where all the construction, erection and production tolerances could be 
absorbed. A geometrical analysis was caried to ensure the specified joints can accommodate 
all the tolerances throughout the tunnel, including both tangent and curved sections. This 
exercise resulted in a nominal joint size of 50mm between the precast units and 75mm at 
tunnel interface. The length of precast units was selected to be approximately one segment 
length along the curves and two segment lengths at tangent sections. The size and configur- 
ation of joints in the wall and walkway along tangent alignments are shown in Figure 3. 


Figure 3. Configuration of joints between precast walkway units (top) and precast wall units (bottom) 
in tangent sections. 
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3 ERECTION 


To connect the precast units together, Halfen HEK couplers have been employed. Each pair of 
adjoining wall/walkway precast units is connected using three couplers over the wall height or 
across the walkway width. The coupler assembly is embedded in concrete at precast plant and tied 
together on-site during erection using the accompanying fixing blot, as illustrated in Figure 4a. 
Custom steel shims are designed for insertion into the large gaps between the precast units at coup- 
lers locations, as shown in Figure 4b. The shims provide a surface for the couplers to bear against 
while fixing bolts are tightened. Due to the variability of joint size, the shims are designed of mul- 
tiple thicknesses to allow for picking proper shims based on on-site measurements. 


EMSEAL WFR2 
HEK Coupler 


' (b) 


HEK 
Wall Plan WFR2 fixing bolt 


Figure 4. Cast-in Halfen HEK precast coupler. 


Steel plate connections are specified at tunnel interface for anchoring the precast walkway 
and wall units to the tunnel lining. All plates are protected against corrosion using Sherwin 
Williams Macropoxy 646 Fast Cure Epoxy B58-600 Series as primer, and against fire using 
Hilti CFP-SP AWHB intumescent paint. The intumescent protective coating expands when 
subjected to high temperatures and turn into a thicker, fire-resistant layer. 

A connection designed with an embedded plate with multiple studs (underneath the plate) 
penetrating into the infill slab was adopted for the walkway connection to the infill concrete at 
the tunnel invert. During walkway erection, the bottom of walkway units’ columns are welded 
to the embedded plate. Precast wall units are connected to the walkway slab unit through weld- 
ing steel plates embedded in each unit. 

Once the erection of precast units is complete, all joints, as shown in Figure 5, are fitted with 
Emseal (Sika)’s fire-rated expansion joint sealants: Emshield WFR2 and DFR2, for wall and 
slab joints, respectively. These products are 2-hour, UL-certified fire barrier and can provide an 
airtight joint with movement capacity of up to +/- 50% of material nominal size. WFR2 expan- 
sion joint sealants are supplied as 100-mm deep material and could not be used without alter- 
ation due to presence of steel shim at the location of HEK couplers. As a result, an engineering 


WER2 Wall eee = 
Joint Sealant alkway Joint 
Sealant 


Figure 5. Emseal (Sika)’s Emshield fire-rated expansion joint sealants. 
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judgment was carried out by Sika to assess the feasibility of dividing the product into half to 
sandwich the steel shim as shown in Figure 4. This exercise concluded that the 2-hour fire rating 
can be achieved by adopting the proposed two 50-mm deep WFR2 configuration. Additionally, 
the analysis indicated that steel shim temperature is constantly below 300 degrees during a fire 
even and therefore doesn’t need to be protected against fire. 


4 LOADING 


The precast units are designed for the following load combinations: 


e Ultimate Limit State (ULS): a) 1.1DL + 1.5AP b) 1.1DL + 1.7LL 
e Service Limit State (SLS): a) DLtAP b) DL +LL 
e Fatigue: DL ŁAP 


Where DL is the self-weight, LL is the riders’ live load, and AP is the aerodynamic pressure 
from the passing train at high speed. The live load is 5 kPa and the self-weight of precast elem- 
ent is determined assuming the unit weight of concrete to be 24 kN/m’. The load factor for dead 
and live loads are 1.1 and 1.7, respectively, are obtained from the standard CSA S6. The wall 
units are subjected to train-induced reversable pressure during tunnel service that leads to wall 
strength to deteriorate over time due to fatigue. This strength reduction under cyclic loading is 
accounted for by applying a factor of 0.6 to SFRC compressive strength, assuming the number 
load cycles to be 8.9xx10° and using the fatigue curves developed by Carlesso et al (2019). 

Subway Environment Simulation (SES) computer program has been utilized by the pro- 
ject’s ventilation team to simulate the moving train inside the tunnel and estimate the transient 
pressure developed on the internal structure surface. The analysis concluded that the max- 
imum pressure/suction is approximately 1.25 kPa. Earthquake load is ignored as it resulted in 
smaller lateral forces comparing to train aerodynamic pressure. 


5 ANALYSIS AND DESIGN 


A three-dimensional Finite Element (FE) model of wall and walkway is created in SAP 2000 

V 22 software. Figure 6 shows the model and walls and slab fixity conditions; where Ux, Uy, 

and Uz are translational restrain in X, Y, and Z directions, respectively. The precast joints and 

HEK fixing bolts are explicitly modeled to capture the force transfer between the precast units 

as well as to investigate the shear force developed in the bolts under different loading scenarios. 
The precast concrete is specified to have the minimum following properties: 


e f.=70 MPa, 28-day compressive strength 

* fp3x = 9 MPa, characteristic residual flexural strength at crack mouth opening dimension 
(CMOD) of 2.5mm according to EN 14651 beam test 

e frix = 7 MPa, characteristic residual flexural strength at CMOD of 0.5mm according to 
EN 14651 beam test 

° Steel fibers is Dramix 40 kg/m3 of 4D 80/60 BGP conform to cold drawn wire based on 
ASTM A820 (2022) and ASTM C1116 (2015) type I with a minimum tensile strength of 
2200 MPa and a Young’s module of 200 GPa. 


The nominal bending moment resistance of precast FRC sections is calculated using the fol- 
lowing equation from ACI 544.7R (2016): 


; rabh ; obh 
ULS design: M, = [18H -SLS design: M, = {ni í) 


where, b = width of precast unit (1 m); and h = thickness of precast unit. 
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Figure 6. FE model of Airport Tunnel internal structures in SAP2000. 


5.1 Wall 


Figure 7 shows the factored bending moment contours of the wall under the load combination 
1.1DL+1.5AP. The wall panels behave as a simply supported beam under distributed load 
with the maximum bending moment, 5 kNxm/m, in the mid-height of the wall. The wall cap- 
acity is sufficient to withstand the ULS load as indicated in Table 1. 

Per CSA S6-14 requirements, the concrete walls crack size shouldn’t exceed 0.35mm under 
service load. The wall units don’t crack under service load because the service bending moment 
is less than the cracking moment, M,,, as verified in Table 2. Also, the wall mid-height deflec- 
tion under service load is under 1mm, which is less than the allowable limit of H/100=37mm 
per Clause 23.3.2 of CSA A23.3-19., where H is the wall total height. 


Figure 7. Wall factored bending moment in kNxm/m in vertical direction under 1.1DL+1.5AP (wall 
thickness is considered 20mm thinner considering potential spalling thickness in fire). 
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Table 1. Wall capacity check (ULS). 


fr3k (MPa) 9.0 

Wall Thick (mm) 130 

M, (kNxm/m) 5.4 Maximum Moment 
Mn (kNxm/m) 25.35 ACI 544.7R 

O 0.7 

p Mn (KNxm/m) 17.74 

Capacity Check Pass 


Table 2. Wall check under service load. 


M, (kKNXm/m) 3.20 

f. (MPa) 70 

f, (MPa) 5.0 

Wall Thickness (mm) 130 

S (mm*) 2,816,667 
Mer (kKNxm) 14.08 


Wall Cracked/Uncracked Uncracked 


5.2 Walkway 


A similar set of checks is completed to verify the structural capacity of walkway with Figure 8 
showing the contours of bending moment in short direction of slab. The maximum bending 
moment is 4.5 kNxm/m which occurs at the supported end of the cantilevered portion of the 
walkway. The capacity check, as summarized in Table 3, indicates the 200-mm thick walkway 
slab has sufficient strength to resist the factored safely. 


Figure 8. Walkway factored bending moment in kNxm/m under 1.1DL+1.7LL. 


Table 3. Walkway slab capacity check (ULS). 


fr3k (MP. a) 9.0 

Thickness (mm) 200.0 

M, (kNxm/m) 60.0 ACI 544.7R 

o 0.7 

b Mn (kKNXm/m) 42.0 

M, (kNxm/m) 4.5 Maximum moment 
Check Pass 


6 OVERHEAD CATENARY SYSTEM 


Prefabricated curved HZM 64/44 channels manufactured by Halfen, as shown in Figure 9, are 
utilized to anchor the train’s overhead catenary system (OCS) to the tunnel lining. The Halfen 
channels are fixed to the tunnel lining intrados using embedded Optimas T2580 socket and 
bolt system. During train operation, the OCS exert a cyclic load onto the channels and sup- 
porting bolts. As a results, the channels and Optimas bolts are sized to sustain a fatigue load 
factor of 4.0 resulting from train operation. 


Figure 9. Details of OCS connection to Halfen channel. 


7 CONCLUSION 


An innovative system of precast FRC unit has been adopted to construct the internal structures 
of REM Airport Tunnel. The precast units are sized based on several considerations, including 
on-site erector lifting capacity; precast ring length; and production, construction, and erection 
tolerances. To seal the joints between adjoining precast units as well as the joints at the tunnel 
interface, fire-rated expansion joints are specified. An embedded welding plate connection design 
is developed for the connection between the walkway and tunnel invert and wall units and plat- 
forms to accelerate the erection while allowing the tolerances to be absorbed. 
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ABSTRACT: The Punatsangchhu-II Hydroelectric project (1.020 MW), on the Punat- 
sangchhu river is spread along the Wangdue —Tsirang National Highway in Bhutan in the cen- 
tral Himalayan region, about 80 km east of Bhutan’s capital Thimphu. The project includes 
a complex system of rock tunnels and caverns. The powerhouse complex has been excavated 
within rocks of the Thimphu Gneissic complex comprising mainly quartz-feldspathic gneiss, bio- 
tite micaceous quartzite with leucogranite and pegmatite patches and veins. In March 2016, 
a huge rock mass collapse occurred in the already excavated downstream surge chamber (DSC) 
because of an active shear zone. The total volume of muck generated in the collapse was esti- 
mated to be approximately 100.000 cum. The designer required the muck fallen into the cavern 
to be improved to low grade concrete of M10 strength to install 100 T capacity Cable Anchors 
supporting slender RCC walls. BAUER was entrusted the job as a specialist sub-contractor. 
The job involves nearly 19.960 m of drilling and systematic grouting followed by 19.900 m of 
permanent tieback strands anchors with working load up to 1.000 KN each. Along with various 
equipment for the injection works, up to five new drilling rigs have been mobilized from Europe 
for this work. The engineering challenges of this project was further compounded due to the 
cramped working environment and the difficulties related to drilling. With a width of approxi- 
mately 18 m and a height of 8 m, the work area is extremely small, creating a challenging envir- 
onment for equipment and personnel, while overcoming the technical challenges. The paper 
describes the drilling, grouting and anchors solutions adopted and the unique and unprece- 
dented geotechnical challenges of this project. 


1 INTRODUCTION 


The Punatsangchhu Hydroelectric Project Authority (PHPA) of Bhutan is implementing two 
mega power plants with an installed capacity of 1.200 MW and 1.020 MW respectively. Both 
the projects spread over a distance between 20 km and 35 km downstream of Wang-due 
Bridge along Wangdue-Tsirang National Highway in Wangdue Phodrang Dzongkhag of 
Bhutan and it is approximately 115 Km east of Thimphu, the capital of the Royal Kingdom 
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of Bhutan. Both projects are undertaken by the Royal Government of Bhutan (RGoB) and 
Government of India (Gol) for the mutual benefit of both the countries. Punatsangchhu-II 
Hydroelectric Project (PHEP-II) envisages the construction of one concrete gravity dam 
(CGD) across the Punatsangchhu river, and an underground power- house complex (PHC) 
and a complex of three major caverns (Figure 1, left). On 3"? March 2016, one major roof 
rock fall incidence took place in the downstream surge chamber (DSC). The total quantity of 
collapsed muck who entered the partially excavated cavern was assessed to be around 65.000 
m3, approx. 35.000 m3 of collapsed muck lay above the cavern. An empty cavity, with 
a volume of approx. 45.000 cum is laying above the collapsed rock mass. The bouldery muck 
fill completely covered the complete 50 m high cavern. It was necessary to determine the cav- 
ity’s extent, dimension, volume and orientation to design suitable remedial measures. 

Hence, the project management explored different options to decipher the cavity dimen- 
sions by application of surveying, geophysical techniques, cavity monitoring system, explora- 
tory drill holes and other feasible methods. 


Figure 1. General layout of Punatsangchhu-II Hydroelectric Project, Bhutan, and power house com- 
plex with approximate location of shear zone. 


2 GEOLOGY 


Regionally, PHEP-II area is located within a part of the Tethyan belt of Bhutan Himalayas, 
which lies north of main central thrust. The rocks of Sure and Chekha Formations of the 
Thimphu Group of Precambrian age are exposed in this region. Different rock variants were 
encountered in the DSC including quartzo-feldspathic-biotite gneiss, biotite gneiss, biotite 
schist, micaceous quartzite, leucogranite and pegmatite. Generally, the foliation has gentle 
dip, ranging between 5° and 25° directed between N190° and 240°. Figure 1, right, shows a 3D 
projection of the shear zone crossing the DSC cavern. 


3 ROCK MASS FAILURE MECHANISM AND CAVITY FORMATION 


Excavation in DSC started in the month of March 2013. As published in the Journal of Geo- 
technical Research (Volume 01 | Issue 01 | April 2019), on 3rd March, 2016, a first major rock 
fall occurred in DSC with intermittent loose falls, followed by two major falls on 11th and 
22nd March, 2016. The condition of the cavern with muck flown from the crown blocking the 
approach towards northern end after different major falls is shown in Figure 2. Figure 3 
shows the collapsed material inside the DSC in 2016 March 22. The failure of the rock mass 
initiated from the crown of DSC between along the major shear zone extending on either wall 
dipping towards face. The rock mass gave up within a very short span at an odd hour, around 
1 AM on 3rd March, 2016. 
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Figure 2. Approximate shape of the cavity above the DSC and fallen muck inside the cavern; Longitu- 
dinal section (tender stage drawing) of the surge chamber with the cavity. 


3.1 Characterization of the fallen rock 


The failed rock mass comprised of fragmented rock pieces of varied sizes, sandy clay and dry 
clay fractions with big rock blocks (max. size ~9.0m x 1.5m x 3.0m). The shapes and size of the 
fallen boulders clearly indicated that failure of rock mass was not limited to shear zone alone 
but extended much beyond. The disintegrated blocks expanded its volume after disintegration 
and filled the cavern. These blocks which were flown into the cavern led to the development of 
cavity above the muck. Since then, there was sufficient time lag in treatment of the cavity which 
further gave rise to the lateral and longitudinal expansion of the cavity due to the presence of 
sub-horizontal strata traversed by different joint sets forming potential structural wedges. 


3.2 Cavity delineation and its extents 


Initially, cavity size and its direction or extension were unknown. Attempts have been made to 
assess the extension and dimension of the cavity above crown and it seemed that the extension of 
the cavity towards down- stream wall is greater than towards upstream wall and receding back- 
ward due to inclination of shear zone. In order to treat the cavity and proceed with further exca- 
vation works in major caverns, it was crucial to determine the dimensions of the cavity. This was 
not a simple job. There were inherent complexities in determining the actual extents and dimen- 
sions of the cavity, viz. steep and unfavorable topography, inaccessibility to the northern end of 
DSC, 240m — 280m of overburden, risk to person and equipment involved in exploration. How- 
ever, several options to deal with the cavity were explored and the following methods were taken 
up. The final option was chosen by the owner, together with his designers and consultants. 


Flown muck 


Upstream Wall Downstream Wall 


19m wide and 2 x 
j 2 


Figure 3. Flow of muck inside the DSC on 11/03/2016 north side. 
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3.3. Cavity exploratory drilling 


Attempts were made to drill NX sized boreholes from the surface at apt locations intending to 
daylight into the cavity so that at least point data information can be obtained which could 
provide the coordinates of the apex of the cavity above DSC crown. Three holes punctured 
into the cavity indicating the cavity apex at an elevation of 694,5 m, 153 m above the roof of 
the DSC. This provided some insight into the height of the cavity, but this approach too could 
not help in determining the complete extents of the cavity. Figure 2 shows the shape and 
dimensions of the cavity. 


4 DESIGN OF THE INTERVENTION FOR THE TREATMENT AND 
STABILIZATION OF THE FALLEN ROCK MUCK 


Reinforced concrete wall were constructed after the collapse, simultaneously with the backfill of 
the caverns. The partial backfill of the tunnels outside the collapse area was required to stabilize 
the two separate cavern sections and to facilitate the drilling and grouting works. The designer 
required the fallen rock debris between the walls to be improved by means of a cement-based 
injection, to create a monolithic block in between the containment walls (Figure 4). Finally, the 
boundary sidewalls were tied back with permanent anchors. Anchor scope comprises 359 per- 
manent cable anchors of 100 T capacity each. The central part of the cavern will be abandoned, 
and two smaller compensation chambers connect by a bypass tunnel will be created. The aban- 
doned volume will be partly compensated via additional tunnel adits. 


Figure 4. 3D view with fallen muck borders, containing walls and injection holes. 


4.1 Phase I of the works, injection of the rock mass 


To allow drilling and injection works to be performed safely from both sides of the fallen 
muck zone, two reinforced concrete walls were constructed and both sides of the chamber 
backfilled. The scope was to contain the fallen mass and to create a stable and safe work plat- 
form for the consolidation grouting. The injection scope includes 524 holes with approx. 
19,960 drill meters and single hole length up to 80 m (Figure 4). Figure 5 shows the drilling 
pattern of holes for the primary, secondary and tertiary for the grouting.The injection was 
conceived in two separate phases. 

Low pressure backfill grouting through small diameter PE hoses, staggered along the hole. 
Consolidation grouting under pressure through MPSP TAM pipes with fabric bags. The 
phase of the injection under pressure started only after the completion of the low pressure 
backfill phase. The drill and injection sequence of each phase was subdivided into primary 
secondary and tertiary holes, to distribute the grout as homogenously as possible inside the 
heterogeneous/fallen rock mass. 
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Figure 5. Injection holes pattern (at ending point of bores). 


4.2 Hole drilling 


Drilling works started in January 2020, approximately four years after the collapse of the rock 
mass in the DSC cavern occurred. The fallen rock mass was quite unstable, it included large 
blocks of hard rock, massive steel beams of the collapsed cavern roof and buried equipment and 
abandoned strings of drilling rods and tools. A total of five Klemm double head drilling rigs 
type KR 806 and KR 909 have been mobilized for this project. Drilling immediately appeared 
as the major and most difficult challenge of this project. Temporary cased drilling for overbur- 
den materials was adopted, using a water driven DTH hammer (Wassara) installed on the inner 
rods and an OD 152 mm casing. The special feature of overburden drilling method is the array 
of the rotary heads. A double head rotary/rotary drilling device is carried by a sled where the 
rear rotary head is adjustable to the front rotary head. The rotary heads are operating in coun- 
ter-rotating directions. Such counter-rotating direction makes accurate drilling possible and pre- 
vents inadvertent release of rod and casing when changed. The W100 Wassara water hammer 
required up to 360 lit/min of clear water under a pressure of 200 bar, to this scope four sets of 
triple piston high pressure water pumps were mobilized. Expandable drill bits were used to free 
cut the outer casing, which was driven by rotary drilling, following the enlarged drill bit. The 
same drilling system was used for both injection phases. The injection element (fill pipes or 
MPSP TAM pipe) was installed inside the casing once the inner drill rods were retrieved. Once 
the injection element was in place, the temporary casing could be extracted. 


4.3 Grouting phase 1 low pressure backfill 


This injection phase was conceived as low pressure backfill of the cavities within the fallen 
rock mass, through a bundle of small diameter PE hoses, staggered along the hole. Injection 
was done using screw Mohno pumps with a closed loop circuit. Grouting started from the 
deepest hose and proceeded upwards once grout communication with the upper hose or with 
the surface was detected. The backfill injection was subdivided into primary, secondary and 
tertiary holes (P,S,T sequence). One sequence was only started after completion of the previ- 
ous one. Within each phase (P,S,T) the injection was conducted in layers, starting from the 
bottom, and progressing towards the top of each hole. Fill Grouting was conceived for the 


water 
| 


Figure 6. Scheme of cavities backfill injection with Mohno pumps and closed loop circuit. 
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backfill of large empty cavities between the fallen rock blocks and for stabilizing the rock 
muck, creating and initial cohesion in the collapsed mass. Against the initial expectations, the 
volume of grout that could be injected under low pressure reached only the amount of 
4.200 m? which represents the 6.5 % of the total rock mass fallen in the cavern, approx. 65.000 
m3. Figure 6 describes the scheme of backfilling by injection using Mohno pumps. The low 
grout take could be due to soil and mud that with time partially filled the open cavities and 
previous gravity grout feed campaigns by others that were abandoned. 
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Figure 7. MPSP TAM pipes with fabric bags and scheme of pressure grouting. 


4.4 Grouting phase 2 consolidation grouting under pressure through MPSP TAM pipes with 
fabric bags (MPSP) 


Upstage grouting with double packer, through MPSP TAM pipes started after the completion 
of the backfill grouting campaign. Scope of this second injection phase was to reach smaller 
voids under higher pressure and to squeeze and thus compact the soft soil mass between the 
blocks of rock. Hole drilling and injection was also divided into three phases, with primary, 
secondary, and tertiary holes (P,S,T) with holes always drilled in between the previous ones. 
Also in this case, one phase only started after completion of the previous one. The MPSP 
pipes are 2” PVC tubes-a-manschettes (TAM) as shown in Figure 7, left, equipped with fabric 
bags to separate the grouting stages. This injection system is normally used in case of soft and/ 
or unstable rock, where the classic TAM injection with annulus grout cannot be used and 
where it would be dangerous to expand an injection packer into the open hole without protec- 
tion. The TAM pipe is inserted inside the temporary casing. The casing is retrieved and 
a double packer is introduced inside the TAM pipe and placed in correspondence of each bag 
to expand it with a small volume of cement grout. Grouting with double packer can be done 
placing the packer in correspondence of the rubber sleeves between the bags. The advantages 
of this system are the packer can be inserted into the pipe and moved, without having the risk 
to get it stuck into the hole. The annulus grout, which could fill some cracks and fissures 
before the injection, can be avoided. The injection sequence (downwards, upwards, etc.) can 
be modified. Figure 7, right, shows the scheme of pressure grouting through MPSP TAM 
pipes with fabric bags. Lugeon tests can be done with double packer between the bags, prior 
to injection. The injection was done again using the Mohno and piston pumps (from Ober- 
mann MAT GmbH), but reaching final pressures of up to 24 bar. Also in this case, the total 
grout volume that could be injected reached the amount of 2.400 m3 which represents the 3.7 
% of the total rock mass fallen in the cavern, approx. 65.000 m3. 
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4.5 Grout types 


The client required a minimum UCS strength of 10 MPa after 28 days for the samples recovered 
from the injected rock mass. Several laboratory tests were conducted on various cement grouts, 
in order to establish the final mix design for the injection works. Cement mixes with a w/c ratio 
ranging between 0,6 and 0,8 and bentonite and retarder as admixtures, were tested. For the 
injection a mix with w/c ratio of 0,8, a bentonite/cement ratio of 0,014 and retarder/cement ratio 
of 0,007. The grout showed an apparent Marsh Viscosity of 42-43 sec over three hours and 
a bleeding comprised between 0,5% and 1,5%. 


4.6 Quality controls during drilling and grouting 


* Quality controls on the fresh grout (once per shift): Grout density; Marsh viscosity; Grout 
decantation after 2 hours. 

* Quality controls on samples of hardened grout UC strength after 28 days. 

e Grout parameter recording - The grouting pumps were equipped with automatic recording 
devices from Obermann MAT GmbH (MAPQ units, PC LOG SG 4 and associated soft- 
ware) to record flow and pressure vs time. (P/Q recording). Grouting data were saved in 
a data base and thus available for different numeric and graphic elaborations. 


4.7 Final quality controls on the injected rock mass, coring and WPT 


The quality of the injected rock mass was checked by means of a series of inclined cored bore- 
holes. Twelve cored holes were drilled from the north side and 20 holes from the south side. 
Thirty-three samples were UCS tested and the The average UCS strength was 28 MPa. 
Thirty-two Lugeon tests were performed in the last 10 m of the cored boreholes, the average 
value was 10 UL. Both UCS and Lugeon values were considered satisfactory for the client 
and the site was prepared for the installation of the cable anchors. 


5 PERMANENT CABLE ANCHORS 


Drilling and installation of the permanent cable anchors through the two lateral containment 
walls has started after completion and final verification of the injection campaign. The design 
includes a total of 359 holes and approx.19.900 drill meters, with single hole length ranging 
between 35 and 70 m (Figure 8, left). In parallel with the cable anchor installation, BAUER 
has been requested to execute the drilling of rock bolts in the cavern upstream and downstream 
walls. In general, this rock bolts are being drilled in parallel with the cable anchor installation 
as benching down. Rock bolts are executed with 5° positive inclinations and 15m length. 


5.1 Anchor hole drilling 


Drilling works for the anchors started in October 2020. The same drilling system as for grout- 
ing was also used for the anchors. All anchors had to be drilled passing through the two lateral 
containment RC walls, with a thickness ranging between 2,6 and 6,0 m. Figure 9, left, shows 
the overview of the cable anchors works at lower level. This required the execution of a series 
of 230 mm preliminary corings with diamond barrels. Temporary cased drilling for overbur- 
den materials was adopted, using a water driven DTH hammer (Wassara) installed on the 
inner rods, using an OD 152 and ID 132 mm casing.sThis installation sequence as requested 
by the Technical Specifications of the project resulted as very onerous and time-consuming 
operation due to the numerous steps and phases. 
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Fallen Muck 
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Figure 8. 3D view showing grouting holes and permanent cable anchors; anchor tensioning and hole drilling. 


Figure 9. Overview of cable anchor works at lower level. 


5.2 Strand anchor assembly 


Prefabricated strand anchors were manufactured in Germany by Spantec GmbH, shipped to 
Bhutan and finally assembled on site. (See Figure 8, right, anchor tensioning and hole drilling.) 


Figure 10. General view and details of anchor heads. 


5.3 Anchor testing 
Stressing is required to fulfil the following two functions: 


a. To tension the tendon and to anchor it at its designed secure load (Figure 10). 
b. To ascertain and record the behavior of the anchorage in accordance with the Technical 
Specifiations (Figure 11) 
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Figure 11. Anchor testing and tensioning. 


6 CONCLUSIONS 


The results of the backfill and consolidation grouting campaign were considered as satisfac- 
tory by the client. A working group committee constituted by PHPA-II, designer and 
BAUER was assigned to analyze all quality control results and data from the grouting cam- 
paign and confirm the effectiveness of the grouting works. From the detailed analyses based 
on drilling penetration rates, volumetric grout takes, estimation of void reduction, WPT and 
UCS tests, it was concluded that the engineering challenge to strengthen the muck by consoli- 
dation grouting to achieve the strength of M10 grade was completed successfully. Despite 
major restrictions caused by the COVID 19 pandemic, including a long lockdown period from 
August to September 2021 and associated huge difficulties to import drilling tools, shortages 
of cement etc., the drilling and grouting works have been completed withn the contractual 
period. The installation and tensioning works for the permanent cable anchors were com- 
pleted in April 2022. 
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ABSTRACT: Hydraulic failure presents a significant stability and safety issue for deep shaft 
excavation projects that deal with a high groundwater table in cohesionless soil. In urban envir- 
onments, the lowering of the groundwater table for deep shaft excavations is usually not an 
acceptable solution to mitigate these risks due to the surface settlements it may cause, thus jeop- 
ardizing the safety of the surrounding structures. In this paper, a case study of an inlet shaft of 
a TBM-bored wastewater tunnel in Belgrade, Serbia was analyzed in order to show that grout- 
ing techniques can be an appropriate measure for reducing hydraulically induced instability. 
Since the location of the shaft is near the riverbank, the soil stratigraphy consists of granular 
soils with a high groundwater table. Several different variations of grout curtains around the 
shaft were modelled by conducting steady state flow analysis using commercial software based 
on the finite element method, and the obtained results were used to determine the risk of 
hydraulically induced failure at the bottom of the excavation. Based on the obtained results it is 
concluded that the application of grout curtains is a suitable solution for increasing the factor of 
safety for hydraulic heave problems as well as for soil failure problems. However, when encoun- 
tering an aquitard layer during the earlier phases of excavation, grout curtains have no effect on 
lowering the pore pressures that are inducing the uplift at the bottom of the aquitard layer. 


1 INTRODUCTION 


As one of the typical failure mechanisms during deep shaft excavation in cohesionless soils, 
hydraulic failure can represent the predominant stability and safety issue in cases where a high 
groundwater table is present outside the bounds of the excavation pit. These issues are even 
more accentuated in cases where initial lowering of the groundwater table is either unfeasible 
due to surface settlements it may cause, thus jeopardizing the safety of neighboring structures, 
or the required level to which the groundwater table should be lowered to in order to meet the 
requirements of hydraulic safety deems it impractical in terms of cost and duration of works. 

Hydraulic failure presents a risk to deep excavations when there is significant difference in 
groundwater levels inside and outside of the excavation, which results in the seepage of the 
groundwater around the toe of the non-porous barrier lining the excavation (diaphragm walls, 
pile walls, sheet-piles, grout curtains, etc.). Hydraulic gradients, pore pressures and seepage 
forces are the predominant actions to be considered in design against hydraulic failures, and 
therefore special attention must be given to those parameters which have the greatest influence 
on these actions — soil composition, the variation of soil permeability, and the variations in 
water levels and pore pressure (Frank et al. 2004). 

Based on the soil composition, hydraulic failure at the base of deep excavations can occur 
via different failure mechanisms (Figure 1). Hydraulic uplift (Figure la) occurs when a soil 
layer of low permeability, like clay for example, is situated below the level of excavation, 
through which there will be practically no groundwater flow, causing an uplifting pressure at 
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the bottom of the soil layer. Hydraulic heave (Figure 1b) occurs when the ground below the 
excavation is permeable, like sand or gravel, causing groundwater flow upwards into the exca- 
vation. Additionally, if the soil composition is unfavorable in regards to particle and/or void 
size and distribution, the upward groundwater seepage can cause internal erosion that leads to 
material transport, and subsequently to failure by piping, where a pipe-shaped discharge 
tunnel is formed around the toe of the excavation wall eventually leading to complete failure 
of the structure as soon as the discharge tunnel in the soil reaches the water level outside the 
excavation (Vukotic & Pusic 1986). 

When unaccounted for, hydraulic failure of deep excavations can cause catastrophic conse- 
quences that risk the safety of workers on the construction site, as well as cause stagnation in the 
construction process leading to potentially great economic loss. Although failure of deep excava- 
tions is not caused exclusively by hydraulic basal failure, it has presented a major component in 
several infamous cases of deep excavation failure. In January 2000, there was an extensive collapse 
of an excavation for the Taegu Metro in South Korea, attributed to the presence of unidentified 
strata of sands and gravels which were subjected to a rapid increase of the groundwater level not 
included in the design (Figure 2a; Endicott 2015). In Singapore in 2004, a 30 m deep excavation 
alongside the Nicoll Highway failed partially due to insufficient toe embedment for hydraulic cut 
off, resulting in four fatalities and several injuries (Figure 2b; Endicott 2015). 

To evaluate the proper solution when dealing with hydraulic stability problems, a case study 
of an inlet shaft of a TBM-bored wastewater tunnel in Belgrade, Serbia was analyzed. As part 
of a broader wastewater treatment project, a tunnel under the Sava River is necessary, and to 
construct this tunnel using a TBM, deep inlet and outlet shafts are required for TBM assembly, 
launch and extraction. A schematic cross section of the project at hand is shown in Figure 3. 


4 , ` : > “5 Sand -. `; 
@ b) 


Figure 1. Examples of hydraulic failure mechanisms due to different soil conditions: (a) failure by uplift 
and (b) failure by heave (Frank et al. 2004). 


Figure 2. Failure cases of deep excavations partially due to hydraulic instability: (a) Taegu Metro in 
South Korea and (b) Nicoll Highway collapse in Singapore (Endicott 2015). 
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Figure 3. Schematic cross section of the case study project. 


2 CASE STUDY PROJECT DESCRIPTION 


The shaft is a permanent structure, and it consists of concentrically placed reinforced concrete 
piles with the length of 40 m, and a diameter of 80 cm, while the excavation is 33.20 m deep in 
total (42.90 masl). The excavation inside the piles has a diameter of 18 m, and the lateral 
resistance of the shaft is ensured with seven reinforced concrete rings along the intrados of the 
shaft. The excavation process is executed in seven steps, with each step ending with the con- 
struction of a reinforced concrete support ring. 

Since the location of the shaft is near the riverbank, the soil stratigraphy generally consists 
of granular soils with a high groundwater table. The ground surface is at 76.10 masl, while the 
groundwater level is in direct hydraulic dependance with the level of the Sava River and is set 
to 70.00 masl for the purpose of this study. Based on the available geotechnical report, the soil 
in the zone of the inlet shaft is approximated with six horizontally layered quasi-homogeneous 
zones. The material parameters of importance for stress-strain and flow analysis of the shaft 
are shown in Tables 1-2 for each soil layer. 

It can be immediately realized, due to the position of the shaft and the significant difference in 
the water pressure head outside and inside the shaft, that hydraulic failure is of major concern for 
the overall stability of the construction process. Based on the permeability coefficients given in 
Tables 1-2, three distinct zones can be observed that differ in behavior when subjected to upward 
seepage forces as a consequence of groundwater flow around the toe of the pile wall: 


* Zone A — Soil subjected to uplift during excavation (for excavations above the silty layer 
SM/SC i.e., above 57.10 masl) 

e Zone B — Soil subjected to hydraulic heave during excavation (for excavations between the 
silty layer SM/SC and the bedrock i.e., between 57.10 masl and 47.10 masl) 

e Zone C — Porous bedrock through which groundwater infiltration is expected but without 
risks of hydraulic failure 


The conventional methods when dealing with the hydraulic failure of the excavation base of 
deep shafts, whether designing against uplift or hydraulic heave, entail lengthening the flow path 
by lowering the toe of the flow barrier or lowering of the initial groundwater level (Puller 2003). 
For this project, additional lowering of the toe of the pile wall is to be avoided since the piles are 
already of significant length and any additional lengthening of the piles would further risk the 
inaccuracy of their verticality, which is already an area of concern for the construction phase. On 
the other hand, lowering of the initial groundwater level has shown unsatisfying numerical results 
when it comes to the settlement of the ground surface. This would be especially problematic for 
the functionality and even safety of the neighboring sewage pumping station “Usce Nova” 
(Figure 3), which is an essential element of the entire wastewater treatment project. 

Due to these reasons, the implementation of grout curtains for ensuring the hydraulic stabil- 
ity of the structure during excavation in considered. In the following sections, the applied 
methodology for analysis is shown, and the obtained results are assessed and discussed. 
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Table 1. Parameters of soil layers modelled with the Hardening Soil material model. 


Liop Zoot Y c > Baa Ba k 
Layer Description [masl] [masl] [kN/m*] [kPa] [°] [MPa] [MPa] [m/s] 
N Fill 76.10 71.10 17 0 33 17.50 52.50 5.5-10° 
SP/SW Poor to well graded sands 71.10 61.10 19 0 31 13.50 40.50  5.5-10° 
SM/SC Silty to sandy sediments 61.10 57.10 18.5 17.5 18.5 7.25 21.75 5.5107 
SP/SW Poor to well graded sands 57.10 51.10 19 0 31 13.50 40.50 5.5-10° 
GW Well graded gravel 51.10 47.10 19.5 0 35 27.50 82.50  5.5-10* 


Table 2. Parameters of soil layers modelled with the Hoek-Brown material model. 


Liop Y IScil Mp S a Em k 
Layer Description [masl] [kN/m*] [MPa] H [-] [-] [MPa] [m/s] 
KP-PS Sandy porous 47.10 21.6 7.80 1.262 2.2:10% 0.508 380 1104 


limestone 


3 METHODOLOGY OF ANALYSIS 


For the purpose of numerical analysis, a two-dimensional axisymmetric steady-state ground- 
water flow model of the inlet shaft is created using Plaxis 2D software (Figure 4a). The cohe- 
sionless upper layers of soil are modelled with the Hardening Soil material model (Table 1), 
while the bedrock of sandy porous limestone is modelled with the Hoek-Brown material 
model (Table 2). The pile wall is modelled with an equivalent linear-elastic plate element, to 
which interface elements for modelling the soil-structure interaction and the impermeability of 
the pile wall are added. The reinforced concrete bracing rings are modelled with fixed-end 
anchor elements with the adequate stiffness, and each of them is placed 1 m above the corres- 
ponding level of the stage excavation base (Table 3). 

The construction procedure that is modelled consists of the Initial phase, followed by the 
phase in which the pile wall is modelled and then seven excavation stages (ES 1-7), whose 
details are shown in Table 3. 

In variations of the model where the application of a grout curtain was analyzed, an add- 
itional soil volume with a thickness of 1 m was created from the base of the pile to the analyzed 


Grout curtain 


ta) (b) 


Figure 4. Numerical models in Plaxis 2D: (a) model without grout curtain and (b) model with grout 
curtain. 
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depth of the grout curtain (Figure 4b). The material model of the grout curtain is identical to 
that of the bedrock layer KP-PS, with the only difference being the permeability coefficient k. 


Table 3. Overview of construction stages and the required ultimate limit state verification for each. 


Stage excavation Level of excavation 


Stage depth [m] base [masl] Excavation zone Required check 
Initial +0.00 76.10 - - 

Pile wall construction +0.00 76.10 - - 

ES 1 -4.65 71.45 A - 

ES 2 -4.20 67.25 A UPL 

ES 3 -4.20 63.05 A UPL 

ES 4 -4.20 58.85 A UPL 

ES 5 -4.20 54.65 B HYD 

ES 6 -4.45 50.20 B HYD 

ES 7 -7.30 42.90 C GEO 


The ultimate limit state necessary for verification differs between different excavation 
stages. For ES 1, the level of excavation is above the natural groundwater level, so no verifica- 
tion is needed. 

For ES 2-4, because the silty layer SM/SC acts as an aquitard, it is necessary to verify the uplift 
ultimate limit state (UPL). UPL is verified in accordance with the Eurocode EN 1997-1 standard, 
where the design values of the destabilizing water pressure at the bottom of the aquitard Qasra 
must be less than the design values of the stabilizing overburden weight G,,, 7 for each excavation 
stage. The destabilizing water pressure at the bottom of the aquitard is determined directly from 
the results output. For each of the ES 2-4 the following equation must be satisfied: 


Ousid 
Qastd = YG,ast ` Udstk < Gstbd = Vest’ > -dj => F, = F >1.0 (1) 
stb, 


where y¢ as: = partial safety factor for loads; Uas = pore pressure at the bottom of the aquitard 
layer; Ygs = partial safety factor for resistances; y; = respective unit weight of the overburdening 
soil layer j above the aquitard and d; = respective thickness of soil layer j above the aquitard. 

For ES 5-6, because the sand layer SP/SW acts as an aquifer, for these stages it is necessary to 
verify the hydraulic heave ultimate limit state (HYD). HYD is verified in accordance with the 
Eurocode EN 1997-1 standard precisely, using the submerged weight approach, where the design 
value of the destabilizing seepage force Sassa acting within the relevant soil column must be less 
than the design value of the stabilizing submerged weight G’,,, 7 of the relevant soil column. The 
destabilizing seepage force is determined by integrating the product of the hydraulic gradient (a 
result output) and the length on which the gradient acts, from the excavation base level to the toe 
of the groundwater barrier. For each of the ES 5-6 the following equation must be satisfied: 


. Sast.d 
Sast,d = YG,dst Yw: / l: dz < Goba = YG,stb . a dj =a Fs = oe > 1.0 (2) 
stb,d 


where yG ds; = partial safety factor for loads; i = hydraulic gradient acting on part of the relevant 
soil column with the length of z; y¢s» = partial safety factor for resistances; y’; = respective sub- 
merged unit weight of the soil layer j in the relevant soil column and dj = respective thickness of 
soil layer j in the relevant soil column. 

It should be noted that the partial safety factors in Eurocode EN 1997-1 with which the 
characteristic values of the actions and resistances are multiplied, differ between UPL and 
HYD. While the partial safety factor for the stabilizing resistances yG.sth is equal to 0.90 in 
both cases of design, the partial safety factor for the destabilizing forces yG.dst is equal to 1.00 
when designing for UPL, as opposed to it being equal 1.35 when designing for HYD. 
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For ES 7, the excavation has reached the layer of bedrock in which hydraulic failure is not 
expected even though groundwater infiltration through the excavation base is expected. For 
this stage, an analysis of the ground failure ultimate limit state (GEO) is executed by determin- 
ing the factor of safety using the Safety analysis option in Plaxis, which is based on the 
strength reduction method described in the Plaxis manual. In accordance with the Serbian 
National Annex of Eurocode EN 1990, GEO is conducted using the Design Approach 3, in 
which the material strength properties are divided by the partial safety factor yy = 1.25, 
while the service load applied on the ground surface is multiplied by the partial factor of 
safety Yq = 1.30. This must result in a factor of safety greater than 1.0. 


4 CALCULATION RESULTS 


The original set-up of the structure does not provide satisfactory results when conducting the 
necessary verifications for hydraulic safety during excavation. A grout curtain previously 
described in Section 3 was added with the length of 10 m and with varying values of its perme- 
ability coefficient k. The factor of safety for ES 6 was determined for each value of k and the 
results are shown in Figure 5. It is concluded that the necessary value of k that adequately 
diverts the flow of groundwater around the toe of the grout curtain is 10° m/s, but also that 
there is no significant difference in behavior of the groundwater or the value of the factor of 
safety if the value of k is further increased. This means that the minimal necessary watertight- 
ness for the proper functionality of the constructed grout curtain in this project is represented 
by the value of k = 10° m/s. 

With the established value of the permeability coefficient k, different lengths of the grout 
curtain were modelled to assess the influence of the grout curtain length on the corresponding 
factors of safety for each ES 2-6. The results are shown in Figure 6, keeping in mind that dif- 
ferent limit states are calculated for different stages, as explained in Sections 2 and 3. 


1.20 ke 105 m/s k= 10*6 m/s 


1.10 
1.00 
c 
© 0.90 
a 
A 0.80 
= 
0.70 
0.60 


0.50 
1£-04 1E-05 1E-06 1E-07 1£-08 


k [m/s] 


Figure 5. Values of the factor of safety for ES 6 depending on the k value of the grout curtain (left) and 
the behavior of the groundwater flow depending on the k value of the grout curtain (right). 


What can be concluded based on the results shown in Figure 6 is that the presence of 
a grout curtain has a significant impact on safety against hydraulic heave (HYD) for ES 5-6 
but has no effect on ensuring safety against uplift (UPL) for the earlier stages ES 2-4. For this 
reason, additional measures are needed for ES 3-4 in order to reduce the destabilizing pore 
pressure acting on the bottom of the aquitard. One of the measures that can be applied is 
drainage from the sandy layer underneath the aquitard, which is applied to the existing Plaxis 
models by adding a well element with a 30 cm diameter inside the shaft at a distance of 
2 m from the piles and its activation during ES 3-4 (the excavation stages that have a factor of 
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Excavation stages (ES) 0.00 


Figure 6. Comparisons between safety factors depending on the grout curtain length L and the excavation 
stage (left); and the distribution of the hydraulic gradient i for ES 6 and L = 10 m. 


safety less than 1.0). The results of the model with the drain element and the previously 
explained grout curtain of 10 m in length is shown in Figure 7. 

For ES 7 a comparison of the factor of safety in function of the grout curtain length is 
shown in Figure 8. Although it is unclear whether the implementation of the Strength Reduc- 
tion Method in accordance with the Eurocode standard EN 1997-1 should be applied to char- 
acteristic soil strength parameters or to the soil strength parameters that are reduced in 
accordance with the selected Design Approach, for both cases the presence of the grout cur- 
tain has significant impact in increasing the factor of safety and therefore reducing the risk of 
soil failure at the base of the excavation. 
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Figure 7. Factors of safety through all ES in the model with a drain element and a grout curtain of 
L = 10 m (left); groundwater flow through drain element for ES 4 (right). 
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Figure 8. Factor of safety obtained with plaxis safety analysis for ES 7 depending on the grout curtain 
length L. 


5 CONCLUSION 


As one of the typical failure mechanisms during deep shaft excavation in cohesionless soils, 
hydraulic failure can represent the predominant stability and safety issue in cases where a high 
groundwater table is present outside the bounds of the excavation pit. When the option of 
lowering the groundwater table is not applicable, grouting can present a rational solution to 
mitigate the risk of hydraulically induced failure during deep shaft excavations. 

Several different variations of grout curtains around the case study shaft were modelled using 
the finite element method. Steady state flow analysis was conducted in Plaxis 2D software and 
the obtained results were used to evaluate and cross-compare the risk of hydraulically induced 
failure at the bottom of the excavation. Due to the distinct soil stratigraphy, different limit state 
verifications were needed for different excavation stages. 

The minimal permeability coefficient necessary for the proper behavior of the grout curtain 
is k = 10° m/s and any further reduction of the water permeability coefficient does not have 
an influence on the behavior of the grout curtain or the groundwater flow. Based on the 
obtained results it is concluded that the application of grout curtains is a suitable solution for 
increasing the factor of safety for hydraulic heave problems and for soil failure problems. 
However, when there exists a risk of uplift issues in the upper layers of excavation, grout cur- 
tains have no influence on lowering the pore pressures inducing the uplift at the bottom of the 
aquitard layer. 
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ABSTRACT: The significance of ground freezing is becoming ever more germane, because the 
design of new urban tunneling systems requires more complex geometries and higher strengths of 
the improved subsoil, which are limited with conventional construction methods. Therefore, 
advanced constitutive models for frozen soils must be developed and implemented in commercial 
Finite Element Analysis (FEA) codes for ground freezing designs under such complex conditions. 
This study presents a recently proposed elastic-viscoplastic model describing the rate-, stress-, and 
temperature-dependent mechanical behavior of frozen soils under compressive and tensile loading 
along with its implementation in a FEA code. After calibrating and validating the model for 
frozen Fairbanks silt, we simulated the construction of a twin-tunnel excavation supported by 
frozen soil bodies and compared the numerical results with experimental data from the literature. 
The good agreement demonstrates the model’s ability to predict the stability and evaluate the 
deformations of frozen soils in tunneling scenarios. 


1 INTRODUCTION 


Ground freezing is an environmentally friendly construction technique used to temporarily 
increase the stiffness and strength of the subsoil and to provide water tightness. For the ultim- 
ate- and service-limit-state analysis of ground freezing, the use of existing analytical solutions 
is often limited and may lead to economic unbalanced designs. Advanced constitutive models 
have been developed during recent decades to describe the rate-, stress-, and temperature- 
dependent mechanical behavior of frozen soils (Xu, et al., 2018). Nevertheless, many models 
are only able to capture either the shear or the creep behavior, and they are also unable to 
differentiate between compressive and tensile loading. In addition, only a few models exist 
which consider the influence of the confining pressure on shear resistance and creep behavior. 

The model proposed by Cudmani, et al. (2022) intends to fill this gap and has been valid- 
ated for coarse-grained frozen soils, e.g., Cologne sandy gravel and Karlsruhe medium sand 
under predominantly monotonic uniaxial and triaxial loading at different temperatures (see 
Cudmani (2006) and Cudmani, et al. (2022)). However, the validity of this model has not yet 
been investigated for fine-grained frozen soils. Moreover, the model’s application for practical 
geotechnical and tunnelling scenarios requires its implementation in a Finite Element Analysis 
(FEA) code and preliminary testing within boundary-value problems. 

To achieve these goals, this study presents the model calibration and validation for frozen 
Fairbanks silt by comparing the numerical results with comprehensive experimental data. In 
addition, the simulation of a twin-tunnel excavation covered by frozen soil bodies aided by 
using this constitutive model proves the model’s ability to realistically predict the mechanical 
behavior of frozen soils in boundary-value problems. 
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2 1D MODEL CALIBRATION AND VALIDATION FOR FROZEN 
FAIRBANKS SILT 


2.1 Testing material and sample preparation 


Zhu and Carbee (1987) and Li, et al. (2003) extensively investigated the mechanical behavior 
of frozen Fairbanks (Alaska, USA) silt by performing uniaxial compression tests as well as 
creep tests for various dry densities at different temperatures. This comprehensive experimen- 
tal database is used to describe the rate-, stress-, and temperature-dependent characteristic of 
frozen silt and to calibrate the constitutive model for frozen soils proposed by Cudmani, et al. 
(2022). Figure 1 presents the grain distribution curve of Fairbanks silt. 
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Figure 1. Grain size distribution of Fairbanks silt [data according to Zhu and Carbee (1987)]. 


According to Zhu and Carbee (1987), Fairbanks silt is classified as a low plasticity silt (ML) 
according to the Unified Soil Classification System. The plastic limit is 34.2%, the liquid limit is 
38.4%, and the specific gravity is 2.68 g/cm°. To prepare the specimens, the dry soil was statically 
compacted in a mold to the target dry density of 1.20 g/cm°. The samples were then saturated 
under a vacuum and quickly frozen to -30 °C to avoid ice lens formation. This sample preparation 
technique led to frozen soil samples with an average degree of saturation close to S, = 1.0 (equiva- 
lent to an average gravimetric water content of w = 42%). After the initial freezing to -30 °C, the 
samples were ejected from the mold and slowly thawed to their testing temperature. More details 
about dealing with the sample preparation and testing procedure can be found in Zhu and Carbee 
(1987). In addition (and according to Zhu and Carbee (1987)), only 2-4% of unfrozen pore water 
exists for temperatures between -5°C to -20 °C (the typical temperature range in ground freezing 
applications). For the sake of simplicity, the influence of the unfrozen pore water on mechanical 
behavior was not taken into account in this study given that this influence is quite small. 


2.2 Model calibration using laboratory tests 


According to Cudmani, et al. (2022), at least two uniaxial creep tests and three uniaxial com- 
pression tests at various stress and temperature conditions are required in order to calibrate the 
1D model. Table 1 and Table 2 summarize the corresponding testing data used for the model 
calibration of frozen Fairbanks silt. The method used to determine the 1D-material constants 
by means of experimental data is extensively described in Orth (1986), Cudmani (2006), and 
Cudmani, et al. (2022) and will not be repeated herein. Table 3 presents the material parameters 
in the 1D model for frozen Fairbanks silt at a dry unit weight of pg=1.20 g/cm’. In this case, the 
Young’s modulus E and the parameter B were adopted from Zhu and Carbee (1987). 
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Table 1. Uniaxial creep test data according to (Zhu and Carbee, 1987) for the 1D 
model calibration of frozen Fairbanks silt at an average dry unit weight of pa = 1.20 
g/cm’. 


Uniaxial creep tests 


Test number opec] cı [MPa] êm [Yo/min] tm [min] 
7-114 -10.0 3.14 2.44x10° 1584 
7-116 -10.0 3.92 9.54x107 53 


Table 2. Uniaxial compression test data according to (Zhu and 
Carbee, 1987) for the 1D model calibration of frozen Fairbanks 
silt at an average dry unit weight of pg = 1.20 g/cm’. 


Uniaxial compression tests 


Test number 6 [°C] Oc [Mpa] & [%/min] 
4-077 -3.0 1.66 0.1 
7-105 -5.0 2.42 0.1 
7-116 -10.0 4.42 0.1 


Table 3. 1D Material constants for frozen Fairbanks silt at a dry unit weight of pg=1.20 g/cm°. 
E [MPa] v [-] c [MPa] a, [MPa/°C] % [-] BH K, [K] 


Eso(-5 °C) = 400* 0.35 4.4 0.65 0.83 0.6* 5474 


* adopted from (Zhu and Carbee, 1987) 


The additional material constants required for the 3D constitutive model were not deter- 
mined because sophisticated triaxial compression or creep tests on frozen Fairbanks silts are 
lacking in the literature. As a result, this study neglected the (positive) influence of confining 
pressure on shear and creep strength. 


2.3 Model validation using uniaxial compression and creep tests 


This section compares the model prediction with the experimental data from uniaxial com- 
pression and creep tests for frozen Fairbanks silt. Zhu and Carbee (1987) conducted uncon- 
fined compression tests at various strain rates é; at a temperature of 8 = -3.0 °C. Figure 2 
compares the experimental and numerical results. 

As can be seen in Figure 2a), the shear strength of frozen Fairbanks silt increased at an increas- 
ing strain rate. The maximum shear stress 0)=0, in the tests varied between about 1.2 to 1.8 MPa. 
The proposed model is capable of predicting the shear strength precisely (see Figure 2b)). Never- 
theless, for a very high strain rate of 0.66%/min, the model slightly underestimated the maximum 
shear stress 6;=06,. In contrast, for a very small strain rate of 0.0066%/min, the predicted max- 
imum shear strength was slightly overestimated. However, from a practical point of view these 
deviations are acceptable. 

Figure 3 compares the experimental and numerical results of uniaxial creep tests at -5°C 
and -10°C. Note that the experimental data (black lines) includes both the total strain evolu- 
tion (Figure 3a-b)) and the total strain rate evolution (Figure 3c-d)). After the initial load 
application, the total strains and strain rate during creep were predominantly viscoplastic. 

The experimental data (black lines) in Figure 3 show the typical creep behavior of frozen 
soils (e.g., Orth, 1986): On the one hand, the axial strain increased over time under constant 
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Figure 2. Experimental (left) and numerical (right) results of uniaxial compression tests at —3.0 °C [data 
from Zhu and Carbee (1987)]. 
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Figure 3. Evolution of axial strain over time (left) and evolution of axial strain rate over time (right) of 


uniaxial creep tests. Experiments: black lines, Simulations: red lines. [Experimental data from (Zhu and 
Carbee, 1987)]. 
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axial loading. On the other hand, the axial strain rate first decreased (primary creep) and sub- 
sequently increased (tertiary creep) over time. The testing time at which the minimum strain 
rate m (secondary creep) is reached and the tertiary creep begins is called “lifetime” tm accord- 
ing to Orth (1986) and Cudmani, et al. (2022). The model response (Figure 3c-d)) for the creep 
tests was in good agreement with the experiments. Both the minimum strain rate ¿m and the 
“lifetime” t,, were well reproduced, especially at -10 °C. 

Figure 4 summarizes and compares the experimental data (symbols) with the unique shear 
strength o,—é as well as creep strength o;—ém relationships calculated using the constitutive 
model (dashed lines) for temperatures between -3 °C to -15 °C. Additional uniaxial compres- 
sion tests of frozen Fairbanks silt at a dry unit weight of pg=1.58 g/cm? according to Li, et al. 
(2003) are also plotted in Figure 4 to evaluate the influence of the void ratio on the mechanical 
behavior. The sample preparation and testing procedure in (Li, et al., 2003) is similar to that 
(Zhu and Carbee, 1987) described in section 2.1. Therefore, the test results at different dry 
unit weights can be compared with one another. 

As shown in Figure 4, the model prediction was in good agreement with the experimental 
shear resistance and creep strength data for the frozen silt (pg = 1.20 g/em*) over a wide tem- 
perature range. Moreover, the comparison of the uniaxial compression tests at two different 
dry unit weights (circular and triangle filled symbols) indicated that higher dry unit weights 
(decreasing void ratio) lead to an increasing maximum shear stress o.. Nevertheless, these 
influences on the mechanical behavior of frozen silt between the dry unit weights of pg = 1.20 
g/cm? and pa = 1.58 g/em? were relatively small. They may be even neglected for strain rates of 
& <0.1%/min (see Figure 4). In summary, the constitutive model proposed by Cudmani, et al. 
(2022) has been successfully calibrated and validated for frozen Fairbanks silt based on 
a comprehensive experimental database for its shear and creep behaviors. In the next section, 
we will test this calibrated model for predicting the stability and the deformations during 
tunnel excavations supported by frozen soil bodies. 
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Figure 4. Comparison of uniaxial compression strength (filled symbols), uniaxial creep strength (open 
symbols), and the unique o,—é; as well as o1—ém relationships assumed in the constitutive model (dashed 
lines) [data from Zhu and Carbee (1987) and Li, et al. (2003)]. 


3 TWIN-TUNNEL EXCAVATION SUPPORTED BY FROZEN SOIL BODIES 


3.1 In general 


As indicated in section 1, the implementation and testing of the constitutive model in FEA code 
is crucial with respect to advanced geotechnical ground freezing designs. For these purposes, 
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however, the literature includes only a few sophisticated large-scale experiments (model tests) 
which would be suitable for achieving a first model validation step for practical boundary-value 
problems. For instance, Cai, et al. (2019) experimentally investigated the use of ground freezing 
for a new cross passage structure as part of the Shanghai Metro extension. We used their unique 
model test database to simulate a twin-tunnel excavation supported by frozen soil bodies with 
the help of the commercial ABAQUS FEA code. The numerical results obtained were then com- 
pared to the testing data presented by Cai, et al. (2019). 


3.2 2D FE model 


According to Cai, et al. (2019), the experimental model test setup consisted of a rectangular 
box which was filled with saturated compacted soil layers, i.e., silty clay, sandy silt, and silty 
sand from undisturbed construction site samples. The twin tunnels, with an excavation diam- 
eter of 310 mm, were buried in the sandy silt layer in a depth of 1340 mm. Both of the covering 
frozen soil bodies had a designed thickness of 160 mm. After filling the material inside the 
box, a surface pressure of po = 0.586 MPa was applied. Subsequently, the first frozen horizon- 
tal soil cylinder covering the “uplink” (left) tunnel started to form, with the help of freezing 
pipes driven into the soil. After reaching the designed thickness of the uplink frozen soil body, 
the uplink tunnel was excavated. The “downlink” (right) tunnel was then frozen and over- 
lapped with the uplink frozen soil body. Finally, the downlink tunnel was excavated. Displace- 
ment measuring rods monitored the displacements above the tunnel roof at various levels 
throughout the entire testing period. Further description of the experimental model tunnel 
tests can be found in Cai, et al. (2019). 

Cai, et al. (2019) proposed a 2D FE model to approximate their above-described experi- 
mental model test. In this case, the unfrozen and frozen soil was simplified as an elastic-plastic 
material. Furthermore, the volumetric deformations during freezing were modelled and ana- 
lysed without considering the ensuing tunnel excavation. In contrast, our study focused on 
simulating both the tunnel excavation and the resulting deformations by means of the elastic- 
viscoplastic model for frozen soils proposed by Cudmani, et al. (2022). Figure 5 summarizes 
the layout of the 2D FE model and the material parameters for the various soil layers used in 
our study. For the sake of simplicity, we adopted the dimensions and elastic-plastic material 
constants for the unfrozen soil layers in the 2D model proposed by Cai, et al. (2019). In order 
to model the frozen sandy silt, we used the material constants for Fairbanks silt presented in 
Table 3. This assumption was justifiable because the granulometric properties, water contents, 
and densities between both frozen silts were comparable. The simulation process consisted of 
the following five calculation steps: 


e Step I: Geostatic equilibrium step. The saturated soil was completely unfrozen and the sur- 
face pressure of po = 0.586 MPa applied. We assumed a Kg state for the initial effective stres- 
ses of the unfrozen soil with Kọ = 0.7. By assuming fully saturated conditions S, = 1.0, the 
initial void ratio was defined separately for each soil layer and in accordance to e9=w-p,/py, 
where w is the gravimetric water content and p, and p,, is the grain and water density, 
respectively. 

¢ Step II: Freezing step of the uplink tunnel. The circular uplink frozen soil body was formed 
at a thickness of dfrozen = 310 mm and a constant temperature of 0 = -14 °C. 

¢ Step II: Uplink tunnel excavation step, with a step time duration of 36 min. The elements 
inside the uplink frozen soil body were removed during this step in order to approximate 
the tunnel excavation. At the beginning of the tunnel excavation, we assumed an initial 
creep time of tọ = 1 min according to Cudmani, et al. (2022). 

e Step IV: Freezing step of the downlink tunnel. The circular uplink frozen soil body was 
formed at a thickness of dfrozen = 310 mm and a constant temperature of 0 = -14 °C. The 
uplink and downlink frozen soil bodies overlapped. 

e Step V: Downlink tunnel excavation step, with a step time duration of 40 min. The elem- 
ents inside the uplink frozen soil body were removed during this step in order to approxi- 
mate the tunnel excavation. 
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The boundary-value problem was solved using the 8-node linear brick CPE8R elements for 
frozen silt and CPE8RP elements (including pore pressure) for all unfrozen soil layers with 
selectively reduced integration. The numerical model consisted of about 9400 elements, with 
an average size of about 10 mm in the vicinity of the frozen soil bodies and 40 mm near the 
outer boundaries of the model. 
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Figure 5. 2D numerical model referring to a conventional twin-tunnel excavation covered by frozen soil 
bodies according to (Cai, et al., 2019). 


3.3 Simulation results 


Figure 6 compares the measured (points) and predicted (lines) in incremental vertical displace- 
ments Au, at various levels above the tunnel roof during the uplink and downlink tunnel exca- 
vation. Only settlements were observed during the excavation (Au, < 0). As can be seen in all 
six illustrations, the tunnel excavation resulted in a nearly linear settlement increase during the 
excavation period. In addition, both the measured and predicted displacement values for all 
measuring points were less than 1 mm. It should be noted that, according to Cai, et al. (2019), 
the scale of the model test is about a factor of 22 smaller than typical in-situ scales of ground 
freezing applications for cross passages. Therefore, the resulting displacements for the bound- 
ary-value problem were relatively small. Consequently, this study mainly performed qualita- 
tive comparisons for both the uplink and the downlink tunnel excavations, because 
quantitative comparisons may be subject to uncertainties regarding, e.g., experimental meas- 
urement accuracy due to the generally small displacements. 

Figure 6a)-c) illustrates the incremental displacements Au, due to the uplink tunnel excava- 
tion. As expected, the largest measured displacements were found at the crown of the uplink 
frozen soil body (point A3) and amounted to about 0.45 mm. The predicted displacements at 
point A3 were slightly greater at around 0.7 mm. The settlements decreased at an increasing 
distance from the uplink tunnel (see points A2 and A1). The measured and predicted deform- 
ations measured at these points were in good accordance. As expected, the displacements 
during the uplink tunnel excavation at the model center (points C1 to C3) were smaller than at 
points Al to A3. The smallest displacements (less than 0.2 mm) were found above the crown of 
the still-unfrozen downlink tunnel (measuring points B1 to B3). It is interesting to note that 
both the experimental and the numerical displacement results for the deepest point (B3) were 
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Figure 6. Incremental vertical displacements Au, at various levels during the uplink (a-c) and downlink 
(d-f) tunnel excavation steps, Experiments: points [data from (Cai, et al., 2019)]; Simulations: lines. 


smaller than those for B2 and B1. This indicates that B3 was outside the sphere of influence of 
the uplink tunnel excavation. 

The incremental displacements Au, due to the downlink tunnel excavation are depicted in 
Figure 6d)-f). The evolution of the measured and predicted incremental displacements due to the 
downlink tunnel excavation were qualitatively similar in comparison to the uplink tunnel excava- 
tion. The largest displacement was both measured (~ 0.3 mm) and predicted (~ 0.65 mm) above 
the tunnel crown, at measuring point B3. As before, the simulation overestimated the settlements 
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caused by the downlink tunnel excavation when compared to the experimental observations, 
whereas the displacement accuracy between the experiment and the simulation increased at an 
increasing distance from the tunnel excavation area. Moreover, the comparison of measuring 
points Cl to C3 in Figure 6f), which were located in the middle of both overlapping frozen soil 
bodies, enabled the evaluation of the stabilising and settlement-reducing influence of ground 
freezing support on each tunnel excavation. The experimental and simulated incremental dis- 
placements Au, for the excavation supported by a single frozen soil body (Figure 6c)) were 
higher than for the excavation supported by two overlapping frozen soil bodies (Figure 6f)). For 
instance, the displacement reduction was more than 50% for measuring point C3, which was 
close to both excavation areas. Given that the predicted displacement for points C1-C3 was in 
good accordance with the experimental observations, the simulations were able to capture this 
positive effect of increased frozen soil stiffness for the overlapping frozen soil bodies. 


4 CONCLUSION 


This study deals with the calibration and testing of a novel constitutive model which was ori- 
ginally developed and validated on the basis of frozen coarse-grained soil data and for frozen 
fine-grained soils. The experimental and numerical comparison of uniaxial compression and 
creep tests for frozen Fairbanks silt validates the model response for a wide range of stress 
states and temperatures. As a result, an initial and important step has been successfully com- 
pleted in terms of the model’s use for fine-grained frozen soils. After completing the model 
calibration for frozen silt, we simulated a twin-tunnel excavation supported by frozen soil 
bodies in order to approximate a typical ground freezing application in the construction of 
cross passages. The predicted incremental displacements were in good accordance with the 
model test data found in the literature. Moreover, the simulation effectively reproduced the 
stabilizing and strengthening influence of both a single frozen soil body and two overlapping 
frozen soil bodies covering the excavations. 

Regarding the upcoming model use for frozen fine-grained soils, we still recommend re- 
evaluating the model’s applicability to frozen soils with significant plastic fine contents, e.g. 
clays. In the latter case, neither the unfrozen pore water content and osmosis, nor the osmotic 
pressures leading to ice lens formation can be disregarded. The ability of the model to cover 
these characteristics has not yet been conclusively clarified. 
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ABSTRACT: The management of excavated materials is one of the major issues for tunnelling 
projects from environmental, logistical, administrative and economical point of views. Despite the 
extreme importance of the topic and the huge volumes of materials produced in the context of 
major works, the excavated materials are too often considered as a waste and therefore their 
reuse is not a widely established practice. Webuild and GEEG have launched a research activity 
aimed at developing an integrated management system for excavated soils that involved numerous 
real tunnelling projects in Italy and abroad and a relevant number of different reuse modality, 
from the most common, as the morphological re-profiling, up to innovative uses with high added 
value. This paper, after a general introduction to the topic, intends to provide an overall descrip- 
tion of the WE CYCLE Project and an update of the experimental evidences collected on the 
applicability of several methods of reuse of different soil typologies. 


1 GENERAL INTRODUCTION 


1.1 The sustainable development goals and underground excavation 


The United Nations Sustainable Development Goals (SDGs) directly and indirectly involve 
the underground space and the land and soil management and it is widely recognized that sev- 
eral SDGs cannot be achieved without achieving healthy soils, sustainable land use and soil 
re-use, as described in Figure 1. Tunnelling and underground works generates high volume of 
soil and rocks often of good mechanical properties which should be managed to contribute to 
the SDGs, enhancing the territory, favoring ecosystem remediation and improvement, pro- 
moting circular economy solution. 

For Webuild Sustainability is not only related to the project under construction but also to 
the way to plan in the future since the preliminary design phase the material balance (quantity 
and quality of excavated material and its re-use on or off site) allows to identify the best scen- 
ario maximizing the possible soil reuse on- and off-site considering the ecosystem environmen- 
tal characteristics, timing, logistics and the stakeholder expectations. 

GEEG, as a Research body, has as its mission the support of Engineering Companies and 
Contractors in the development of innovative and sustainable processes through the develop- 
ment of experimental activities. 

Thus, the WE CYCLE project represents the desire to share the specific strengths of the 
two entities to promote innovative solutions in one of the key areas for sustainability and cir- 
cularity of processes in tunnel excavation. 
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1.2 The management of soils and rocks from TBM excavation 


In the last few decades the underground world has seen an increasing use of mechanized exca- 
vation modes thanks to the development of increasingly versatile and high-performance 
TBMs. 

This has enabled the development of bolder and more complex projects (Pirone et al., 2018) 
and, in general, an increase in the use of underground space for infrastructure use. Not only 
more cubic meters of excavation to be managed on site but also more rocks and soils with 
different geomechanical characteristics to be relocated off-site (Miliziano et al., 2016; Haas 
et al. 2020 and 2021). 


Figure 1. Sustainable development goals (SDGs) for 2030 (www.eea.europa.eu). 


The situation gets more complicated when using EPB TBMs — the most popular 
since its range of application has increased significantly with the development of new 
technologies and methods/products of conditioning — because of the need to use condi- 
tioning agents mixed to the excavated material and its environmental implications 
(Pirone et al., 2018). 

Therefore, a virtuous process of reusing soils and rocks from excavation possesses 
a number of elements briefly described in the table below: 

In extreme summary though there is an increasing desire and need to reuse soils and 
rocks from excavation (Magnusson et al., 2015), this desire often runs up against 
a number of complexities and constraints of various kinds that greatly limit actual reuse 
(Simion et al., 2013). In order to overcome these limitations and unlock the real poten- 
tial for reuse of these natural resources, Webuild and GEEG developed the We Cycle 
project. 
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Table 1. Different elements of innovation of reusing soils and rocks. 


Legislation 


Legislation open to encouraging circular reuse of non- 
renewable natural materials and processes and timelines 
appropriate to the project development requirements 


Client motivation 


The topic of spoil management sometimes is underestimated, 
neglected and/or approached too late. Thus, a motivated 
Client to handle the issue of spoil management plant and elab- 
oration of a spoil management concept in the very beginning 
phases of the project is fundamental. 


Quantification & Qualification 


Good planning 


A careful preliminary quantification (cubic meter) and qualifi- 
cation (geomechanical and chemical characteristics) of the 
material to be excavated is the basis for a good planning. 


In terms of space, time and procedures. To manage smoothly 

a huge volume of material the contractor has to: have foreesn 
and organized the necessary space on site to stockpile and bio- 
degrade the material in a certain known time; studied the right 
cycle of trucks to take away the material from the primary stor- 
age area; have set a solid procedure for all tests and logistic 
matters. 


Economy vs Ecology 


All economical evaluations in the management of the spoil 
have to be made with respect of environment. Forms of motive 
power must be created, which are not damaging to health and 
which are of such a kind that we can deal with the relevant 
waste, recycle materials and compete by means of environmen- 
tally friendly and fuel-efficient cars. Transport, energy, CO2 
production have to be evaluated to achieve the right balance 
between project’s economy and environment’s respect. 


Innovative solution 


Excavated material have often good chemical/physical/mechan- 
ical characteristics and thus they would be suitable for different 
use either on site that off-site. Nowadays, the management and 
the ways of re-use adopted are limited to application of low 
added value, example re-profiling or disused quarries. The inves- 
tigation and use of cutting-edge technologies to reuse excavated 
materials and development of new eco-compatible products and 
processes is one of the future and key point for a successful man- 
agement of the spoil in a circular economy approach. 


Design of excavation methodologies, 
chemicals and materials to be used 


The choice of excavation methodologies and, consequently, of 
treatments and the materials and chemicals to be used has 

a major effect in the possibility of reusing excavated material 
but also the administrative process required to approve it 


Optimization of spoil 


Optimization of the TBM excavation diameter to a minimum 
admissible by the project requirement allow to reduce the 
quantity of material to be managed. A proper design of the 
cutterhead and TBM allow to produce chips/materials of more 
suitable dimensions. 


Logistical feasibility 


The enormous volumes of soils and rocks require the utmost 
attention to logistical aspects that become crucial to avoid pro- 
tracted delays or issues related to transportation or site area 
availability 


Community and local government 
support 


Reuse of soils and rocks often has logistical and practical 
impacts in local governments with respect to site location. The 
ability to consider circular economy processes, industry syner- 
gies, and collaborations between agencies and stakeholders is 
a crucial element in the success of a project 
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2 THE WE CYCLE PROJECT 


2.1 Aims and methodology 
The objectives of the We Cycle project can be synthesised as follows: 


— setting up the study of conditioning and the geotechnical, logistical, environmental and eco- 
nomic implications in an innovative, systematic and integrated manner by means of 
a multidisciplinary and transversal approach to mechanised tunnel excavation projects; 

— develop Research and Innovation activities in the exploration of new and more virtuous 
ways of reusing excavated soil and rocks in circular economy processes, in support of the 
territory or within existing production cycles; 

— the identification and development of innovative control procedures and methods that, 
through rapid tests, process optimisation, organised and procedural changes, make it pos- 
sible to reduce the time required for geotechnical and environmental investigations during 
the operational phases; 

— objectively evaluate the pros and cons of each solution for the re-use of excavated earth 
and rocks from a technical, logistical, economic, administrative and environmental point of 
view in order to provide the most convenient and virtuous reuse methods for each project. 


2.2 Framework 


The activity was developed according to a series of phases described below. 
An initial activity of analysis of the existing bibliography allowed the development of 
a continuously updated database of tunnel projects realised in Italy and abroad, containing: 


— geological/geotechnical characterisation; 

— design geometries and volumes of excavated soil and rock produced; 
— technologies used for excavation; 

— planned methods of use and verifications/controls performed; 

— reference regulations. 


This screening provided a broad and clear picture of the state of the art, which, combined 
with a study of potential alternatives for the reuse of excavated soil and rocks, led to the defin- 
ition of 3 classes of reuse modes, that we will see in 3.1. The research activity involved 
a significant experimental activity for each reuse method considered on the basis of the actual 
need to acquire quantitative elements useful for evaluating technical and economic feasibility 
and compatibility with the current set of laws and regulations. 

The project also included specific studies on the management of water on site and the man- 
agement of treatment plants. 

Finally, the project included an analysis of the sampling and analysis methods, both geo- 
technical and environmental (chemical and ecotoxicological), and the validation of a series of 
innovative methodologies capable of bringing significant advantages in terms of monitoring 
speed and accuracy. 


3 DEVELOPMENT AND PRELIMINARY RESULTS 


3.1 The reuse modalities 


The bibliographic analysis carried out during the first phase of the Project made it possible to 
study in detail which reuse methods are widely considered and how often they are used. 

The project analysed were 34 and have shown, as mentioned in the previous paragraphs, 
that the most frequently used reuse methods are those of Group 1, in detail 23 morphological 
reprofiling and 5 embankments. 
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Figure 2. Framework of the WE CYCLE research project. 
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Figure 3. Results of bibliographic analysis, different reuse from tunneling project. 


One of the activities developed downstream from the study of data acquisition from existing 
projects in Italy and abroad was to make a list of possible reuse for soil from excavations by 
dividing them into three categories (Table 2): 
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— Group 1: conventional modes of reuse characterised by low added value, extensive guaran- 
tees of technical feasibility, verified compatibility with the current set of laws and regula- 
tions and limited level of innovation; 

— Group 2: reutilisation methods that have already been tested sporadically, are characterised 
by a certain added value, moderate guarantees of technical feasibility, overall good com- 
patibility with the current set of laws and regulations and a good level of innovation; 

— Group 3: rarely/never applied re-use methods characterised by a high potential added 
value, a number of aspects to be clarified regarding technical feasibility and compati- 
bility with the current set of laws and regulations, and a high level of innovation. 


The reuse modalities included in Group 1 are currently the most widely used in tunnelling 
projects and allow the reutilisation of large volumes of soil, as well as enabling the reuse of 
a wide range of soils/rock. In order to be able to reuse the excavated soil for the individual 
uses, design requirements must be guaranteed and adhered to, which in the case of Group 1 
modes, are not particularly restrictive, which is also why the choice of reuse mode in many 
projects falls into this category. 

In Group 2 we find several modes often employed within tunnel projects (or infrastructure 
projects in general) which, unlike the previous group, are aimed at fractioning the excavated 
volumes, they are in fact aimed at soils with particular geotechnical/ mineralogical and chem- 
ical characteristics. 

The last Group 3 includes those modalities that have not yet been studied, tested and 
explored in depth, including the use of excavated soil as raw materials for the production of 
cement, re-use to make unfired earth bricks or the production of geopolymers. 


Table 2. Classification of reuses of soils from tunneling. 


Group 1 Group 2 Group 3 
fillings quarries morphological aggregate/filler road filler for backfilling grout cement 
re-profiling road embankments pavements pea gravel production bricks and geopolymers 


3.2 Materials studied 


In order to acquire data and information on how to manage excavated soil and rock 
belonging to different lithologies, the research activity was developed by using samples 
of soil and rock from 22 different geological/geotechnical formations affected by the con- 
struction of tunnels and underground works in 8 major infrastructure projects in Italy 
and abroad. 

The analysis of these formations made it possible to acquire, where possible: 


— geotechnical characterisation (grain sizes, Atterberg limits, specific weight of grains, .. .) 
— mineralogical composition by diffractometric analysis; 

— chemical composition by fluorescence analysis; 

— grain morphology (for sands and gravels) by process-imaging and electron microscopy; 
— range of water content, void index (sands/gravels) and texture (clays/loams); 

— range of characteristic conditioning parameters (WIR, Cf, FER, FIR, Tr, ...). 


3.3 Activities performed 


3.3.1 Group 1 

Regarding the reuse methods included in Group 1, as mentioned above, these are fairly well- 
established methodologies (Zuo et al., 2013) that do not require particular research develop- 
ments to be applied. consequently, it was decided to analyze, in this case, only the most 
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relevant elements in terms of (i) void index (extremely important for knowing volume 
changes due to the excavation process and subsequent in situ compaction processes); (ii) 
deformability and strength characteristics; (iii) treatment needs; and (iv) potential fit with 
respect to general civil engineering classification systems. 


3.3.2 Group 2 

Regarding all the reuse modes included in Group 2, these are modes that have some common 
elements related to the importance of grain size, mineralogy, and morphology of the grains of 
which they are composed. In addition to these elements, some experimental activities were 
developed in order to quantify the maximum reuse rates for each of the available soils and 
rocks and each of the reuse modes in order to be able to have quantitative elements to be 
included in the subsequent economic and logistic analyses. 


3.3.3 Group 3 
Finally, in group 3 are collected the reuse modes that required a higher experimental effort to 
acquire the necessary elements to make some technical and economic evaluations, as: 


1) The Research activity aimed to evaluate a possible inclusion in the mix design of backfilling 
grouts portions of the soil excavated during drilling included several tests carried out on dif- 
ferent mix designs of the two-component mortar at varying i) mineralogical characteristics 
of the soils used and ii) the percentage of filler in the mix design. Evaluations were made on 
the needs to rearrange the other components in order to achieve the proper features on fresh 
and hardened grouts and about the influence of fillers in strength, stiffness or durability 
Figure 1. 

2) On the possibility of reusing part of the soil volumes produced by the excavation of tunnels 
in building materials as bricks, tiles, panels or plasters with relevant benefits from econom- 
ical and environmental point of view several laboratory tests were performed on different 
mix design, compose of clay — sand — cement — water and including fibers at different 
curing time (7 — 14 — 28 days). 

3) On the possibility of reusing part of soils and rocks as raw material for cement production, 
dedicated tests were performed. Cement is one of the most important and traded building 
materials worldwide; for its production, synthesising a complex and articulated production 
process, three phases can be identified: 7) crushing the raw materials; ii) clinker production and 
iii) mixing and final crushing. The effectiveness of the process, and consequently the focus of 
the experimental tests, depends on the chemical composition of the raw materials and on sev- 
eral parameters of the process such as the thermic treatment (i.e. max temperature and cycle 
duration). 


a) b) 


Figure 4. a) samples backfill grout; b) samples of raw-soil bricks. 
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3.4 The management of water on-site 


During the construction of a tunnel, wastewater may originate from the drainage behind the 
excavation, from the collection of rainwater and the discharge of industrial water serving the 
works. The runoff water from the excavated material spoil will have quality characteristics 
that are conditioned by the substances used for excavation, consequently the more eco- 
friendly these substances are, the less effort required for purification, both in terms of time 
and type of treatment. 

Wastewater must be subjected to adequate purification processes that allow it to be reused 
on site and discharged into the receiving body afterwards. 

On-site reuse responds to the logic of the circular economy and mitigates the site’s impact 
on the territory by reducing the need to supply new volumes of water. 

The purification systems must be designed and modulated to make the purification process 
efficient and guarantee the quality of the water to be reused and/or discharged. The more 
effective and efficient this process is, the greater the volumes of water re-used, the more 
adequate the quality of the water leaving the treatment plant (in terms of residual concentra- 
tion of pollutants based on the expected use), the shorter the timescales of the various phases: 
water analysis, water treatment, discharge. The project is exploring the possibility of increas- 
ing the automation of treatment plant through the analyses of the correlation between treat- 
ment and pollutant reduction and the possibility to distinguish the features of the treatment 
plant to better face the different chemical composition of the water with specific references to 
the residual surfactants related to soil conditioning process in EPB-TBM. 


3.5 Controls and test protocols 


A key aspect of the proper management of excavated materials on site is a calibrated and 
effective monitoring and control program. Alongside new ways of managing soils and rocks, 
equally efficient ways of monitoring their geotechnical and chemical/environmental character- 
istics are needed (Sebastiani et al., 2019). In recent years technological development has also 
made available increasingly advanced and powerful tools and methodologies (Bavasso et al., 
2020) capable of being interconnected with other monitoring tools. To evaluate whether the 
residual foaming agents used during drilling processes produce significant eco-toxicological 
effects into the soil, it is necessary to provide specific protocols to validate the effective reuse 
of the conditioned material. 

The WeCycle project also included an analysis of traditional monitoring procedures and an 
analysis of possible integrations with advanced technological tools potentially capable of 
acquiring more analyses on more representative samples in a short time frame and directly on 
site. Analyses were initiated to correlate the results of chemical and ecotoxicological analyses 
in order to define limit values with regard to the total amount of surfactants in the soil. This 
comparison should be seen as an additional tool for the evaluation and interpretation of eco- 
toxicological results, which now form the basis for subsequent optimizations. 


4 CONCLUSIONS AND FUTURE DEVELOPMENTS 


The WeCycle project, developed by Webuild and GEEG was initiated for the purpose of 
approaching the topic of mechanized tunnel excavation management and the management of 
soils and rocks from excavation in a unified and multidisciplinary way by fostering innovative, 
green, and circular modes of management, use, and control. 

The project, which is still in progress, involved a relevant number of real gallery projects in 
Italy and abroad that involved the analysis of over 22 different geological/geotechnical forma- 
tions from several major infrastructure projects of tunnels and underground works. 

The research activities developed have made it possible to quantify the importance of some 
important parameters for more traditional modes of reuse. On the other hand, it has allowed 
to verify the feasibility of some reuse modes less known in the literature, allowing to acquire 
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quantitative data on the most relevant parameters regarding economic, logistical and environ- 
mental implications. In the continuation of the Research project, some of the most promising 
ways to manage, treat and reuse on-site soils and rocks from excavation and water and some 
ways to analyze and monitor geotechnical and environmental characteristics will be validated 
in real TBM tunnelling projects. The belief is that the results will enable the introduction of 
guidance and best practices on virtuous reuse of soils and rocks from excavation with a view 
to reducing emissions and environmental impacts in mechanized tunnel excavation. 
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ABSTRACT: The construction of a new subway line in any urban area is a complex task 
and typically needs large investment of hundreds of million dollars (in some cases billions) 
over a few years. Selection of the alignment with low-level risks is usually taken place at the 
environmental impact statement stage or at the planning design level. It should be proven by 
the completion of the alignment selection process that the selected alignment is fully feasible 
and economically cost-effective investment for the client. In almost all mechanized excavation, 
a circular shape is used with only variable being the dimension of the tunnel diameter. In this 
paper, a comprehensive comparison of advantages and disadvantages of single tube versus 
twin tubes for a subway system is outlined. Different aspects such as tunnel diameter (tunnel 
spaceproofing), configuration of subway line and stations, impacts on passenger safety and 
evacuation, ventilation system as well as rail system for each solution are evaluated and com- 
pared in depth. The practical example of a mega project has been discussed and the details of 
the decision-making process has been explained. A multi-criterion approach is established in 
the end to facilitate the decision making for these two different subway systems in any urban 
areas. 


1 INTRODUCTION 


The construction of a new subway line in any urban area is a complex task and typically needs 
large investment of hundreds of million dollars (in some cases billions) over a few years. Selec- 
tion of an alignment with low-level risks is usually taken place at the Environmental Impact 
Statement (EIS) stage or at the planning design level. Selecting the low-level risk alignment 
will establish a smooth path to the project success. This low-level risk alignment selection 
encompasses the following steps: 


e Performing a comprehensive investigation of the corridor and providing possible alignment 
alternatives 

e Initial-risk identification and assessment for each alignment alternative 

e Comprehensive comparison of different alignment alternatives 

¢ Finalizing the decision of the optimum alignment with inherently low-level risks 


It should be proven by completion of the alignment selection process that the selected align- 
ment is fully feasible and an economically cost-effective investment for the client (Gugliel- 
metti, et al., 2007). The alignment feasibility study should consider the following aspects: 


e Typically, the choice of the horizontal alignment is impacted by buried utilities and existing 
underground structures, connection to different parts of the city, connection to an existing 
subway line(s) and or stations, avoiding and minimizing the property acquisitions/ease- 
ments, and potential obstruction constraints 

e The vertical alignment should consider the geotechnical, and hydrogeological constraints 
as well as existing buried utilities and underground structures 
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e The choice of available construction methods and technologies suitable for the end users 
e The choice of subway system configuration such as single tube or twin tubes that best 
meets the functional, operational and safety requirements 


2 TUNNEL SPACEPROOFING 


In almost all mechanized excavation, a circular shape is used with the only variable being the 
dimension of the tunnel diameter. Generally, the minimum outer dimension of the subway 
tunnel section depends on: 


° The overall dimension of the vehicle, Vehicle Static Envelope (VSE) 

* The Vehicle Dynamic Envelope (VDE) for both tangent and superelevated track 

e Required clearance and safety margins outlining the Clearance Envelope (CE) 

« Arrangement of walkway(s), systems, utilities, fire/life safety features, ventilation, etc. 

* Clearance requirement for Overhead Contact System/Rail (OCS/OCR) 

e The distance between the rails which is a function of the velocity in single-tube, side-by-side 
track tunnels 

e Possible future modifications of track base 

e Possible future modifications of final liner 

° The thickness of the precast concrete segmental liner and the annular grout 


Depending on single tube or twin tube configurations, different tunnel spaceproofing can 
be implemented for a subway project (Figure 1): 


* Twin tube 

° Single tube, side-by-side tracks with or without center wall 
* Twin tube with platform 

° Single tube, double stacked tracks with platforms 


4— em y elr 


Twin Tube 


Single Tube Twin Tube 
Side-by-Side Tracks with Platform 
with or without Center Wall 


Single Tube 
Double Stacked Tracks 
with Platforms 


Figure 1. Configuration of a running subway tunnel. 


In the section below, the first two configurations (twin tube and single tube, side-by-side 
tracks) are briefly explained. 


2.1 Twin tube configuration 


The size of each tube is defined based on factors mentioned above. The spacing between the 
centerlines of the tracks are defined typically such that the impacts of twin tunnels on each 
other are minimized. This means that typically there is a minimum one tunnel diameter space 
between the twin tubes. Considering the range of the tunnel diameter used for subway lines 
(external diameter of ~6.5 m), and the pillar between the tubes, the tunnel corridor will be 20 


914 


meter wide. Also, based on fire/life safety requirements (NFPA 130), if the subway stations 
are more than 762-meters (2500 ft) apart, cross passages are required between the twin tubes 
approximately every 244-meters (800 ft). In case a track crossover is needed per the project 
track requirements, a Sequential Excavation Method (SEM) cavern or a cut-and-cover box 
should be designed for the project to accommodate a track crossover. A twin tube spaceproof- 
ing of Regional Connector Transit Corridor (RCTC) in Los Angeles, California is shown in 
Figure 2. 


15-50 (SIDE OWATER 
OF TUNNEL LINING 


EVACUATION a 
WALKWAY -CONTACT WIRE 
ENVELOPE A } 
TYPICALLY | TUNNEL DIAMETER 
APART FROM EACH OTHER 
b 
SPRNGLINE F 
4° CONSTRUCTION 
~ TOLEARANCE 
PRECAST j 
CONCRETE TOR + 
SEGMENT 
GAS WATER wert, THEORETICAL 
y PROOFING r SHOTCRETE yo EXCAVATION 
| wen / u 


— PINAL LINING 


VARIES: TYPICALLY | TUNNEL DIAMETER 
APART PROM EACH OTHER 


SPFMEOLINE 


Figure 2. Twin tubes; Regional Connector Transit Corridor (RCTC) at Los Angeles, CA with about 
one tunnel diameter between the tubes (above) and construction of cross passageway every 800 ft 
(below). 


2.2 Single tube configuration with or without separating wall 


The twin tube concept was preferred during the 1980’s. In Europe by the mid-90s, the twin 
tube concept started to be replaced by a large diameter single tunnel (generally between 
9.5-10.5 m of external diameter) placing two side-by-side tracks. This transition was made by 
technological innovations brought to the TBM industry, thus making the large diameter 
mechanized tunneling more feasible and controllable with less impacts and risks, more cost 
effective, and improving the construction schedule better than before (Tunnel boring machine 
development, 2008). The tracks in this case are 3.5 to 4.4 meter apart from each other depend- 
ing on vehicle type. Where there is no center wall, two safety walkways are designed on each 
side of the tunnel and in case a center wall is used, the safety walkways are placed on both 
sides of this wall. In the latter case, the tracks are typically separated by a fire-rated wall with 
sliding cross passage doorways as the means of tunnel fire/life safety as shown in Figure 3a. 
This increases the excavation diameter of the tunnel. 
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In some cases, like most of the metro lines in Paris (SAS, 2010), instead of using the fire- 
rated wall, a ventilation/egress shaft is installed between the adjacent stations to satisfy the 
NFPA 130 requirements for having an emergency egress every 762m. As shown in Figure 3b, 
accommodating a track crossover in the case of single tube is much easier and cheaper than 
the twin tube. 


je Teak tooma 
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Figure 3. Single tube, side-by-side tracks a) with center wall at Evergreen, Vancouver, Canada; b) with- 
out center wall at Sao Paulo metro Line 6, Brazil. 


3 CONFIGURATION OF SUBWAY LINE AND THE STATIONS 


Depending on the choice of the running tunnel configuration explained above, there are 
two types of station configurations. Selecting a twin tube option generally will result in 
imposing a center platform configuration for the station design. Typically for twin tubes, 
stations are built by the cut-and-cover method. The width of the cut-and-cover box, 
depending on the width of the platform required to meet the passenger flows. The width 
of the station is also controlled by the spacing between the centerlines of the twin tubes 
(20-22m) as shown in Figure 4 (left). The depth of the station is controlled by the track 
profile but generally the top of rail is at least two-tunnel diameter deep. If the top of 
rail is sufficiently deep and the prevalent geology is favorable, a mined (SEM cavern) 
station can be used instead of cut-and-cover to reduce the construction impact 
(Figure 4, right). 


Figure 4. Example of a cut-and-cover (left) and mined station (right) with center platform typically 
used for twin tube subway system. 
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Side platforms station is typically used for a single tube, side-by-side tracks. The 
width of the station for this option is between 16-18 m (depending on the width of the 
platforms required to meet the passenger flows). This is slightly narrower than the twin 
tubes option, making the single tube option preferable in tight ROW areas. The depth 
of the station, which is controlled by the track profile, might be typically deeper com- 
pared to the twin tube option. However, the difference in depth is not important in 
most cases. If the top of rail is deep and the cut-and-cover station box seems uneconom- 
ical, a mined cavern station can be adapted alternatively not only to bring the station 
cost down but also to reduce the utility relocation works and to mitigate the impacts on 
traffic circulation during the construction. 


4 SPECIAL TRACK WORKS 


The presence of special structures is necessary for the performance of a subway line. 
These special works provide robustness in the subway system operation to ensure partial 
service, degraded mode, etc. Below are three cases for which a special structure must be 
considered: 


e Communication zone 
e Z-pocket track area for storage and/or drawer and/or damaged train garage; and 
¢ Transition zone 


The communication zone is defined by the presence of a switchboard allowing the connec- 
tion between Track 1 and Track 2 and thus authorizing the switching from one track to the 
other. The Z track zone (or pocket track) is defined by an additional lane parallel to the two 
main lines. It particularly allows to have a spare train in the garage to be added to the service 
line to improve the operation or to have storage for a “damaged” train. The transition zone is 
defined by the passage between the underground section and the at-grade/above-grade section, 
it is generally characterized by the following succession of works: cut-and-cover structure, 
open trench and transition to at-grade tracks or a ramp to the viaduct abutment (above-grade 
tracks). 


4.1 Impacts on twin tube 


The installation of a switch and control unit in a twin-tube system requires the connection of 
the two traffic lanes and the creation of a special structure to accommodate it. This structure 
can be built in a cavern or in a covered trench, depending on its depth and the urban con- 
straints (Figure 5). For the twin-tube solution, the distance between tracks, which is 
a function of the minimum distance between the two tubes, has a larger center distance than 
the other two configurations. So: 


e Wider Z-pocket track area 
¢ Longer transition zone 
e Consequently, more construction impact (utility work, traffic circulation, etc.) 


4.2 Impacts single tube with partition wall 


The installation of a turnout in a single tube with a partition wall has no significant impact. It 
is inserted into the existing volume. The turnout cuts the partitioning wall between the two 
volumes of the tunnel (Figure 6). In this case, there is no need for an expensive cut and cover 
and/or mined crossover area contrary to a twin tube solution. For a single tube solution, the 
distance between the tracks is minimum. Therefore: 


e Narrowest Z-pocket track area 
e shortest transition zone 
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Figure 5. Photo of a cross-communication for twin tube - Maluri MRT, Kuala Lumpur. 


Special Work 


Single Tube 
with 
Partiotion wall 


TURNOUT © AT 2 


Figure 6. Implementation of a crossover track for the single tube with partition wall. 


e Consequently, least construction impact (utility work, traffic circulation, etc.) compared to 
the twin tube solution 


4.3 Impacts single tube without partition wall 


There is no impact due to installation of a turnout in a single tube without a partition wall. It 
is inserted into the existing volume. In this case, the length of the turnout is shorter than that 
of the twin-tube and single-tube with a partition wall. 

For the single tube without partition wall, the principle of Z-pocket track area and transi- 
tion zone is almost equivalent to that described for the single tube with a partition wall. 


5 MULTI-CRITERIA ANALYSIS, PROS AND CONS 


The advantages and disadvantages of each tunnel configuration are compared for different 
aspects in Table 1. These aspects are ranked from 1 to 10 where one (1) is for the least favor- 
able condition and ten (10) is the most favorable condition. The advantages and disadvantages 
of center and side platform stations is listed in Table 2. 
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Table 1. Comparison of tunnel configurations. 


10 9 8 7 6 5 4 3 2 1 
Good <— Ranking (R) > Bad 
Parameter Twin Tube, Single Track R Single Tube, Side-by-Side Tracks R 
TBM - Longer track record in the North 10 - Shorter track record in the North 9 
reliability America (more construction records) America. Worldwide larger diameter 
projects are becoming default 
solution. 
Geometrical - Widest tunnel corridor (ROW) 6 - Narrowest tunnel corridor (ROW) 9 
constraints - Easiest to negotiate tight curves - Relatively easy to negotiate tight 
- Possible shallowest track profile curves 
- Worst to choose a route under city - Relatively shallow track profile 
streets due to existing buried - Best to choose a route under city 
obstructions streets 
Geotech - Wider settlement trough; more impacts 6 - Narrower settlement trough; least 9 
aspects on adjacent structures impacts on adjacent structures 
- Risk of geotechnical interference - Risk of geotechnical interference 
between the twin tubes between the twin tubes is omitted 
- Ground improvements for cross - No cross-passage excavation and 
passages ground improvement 
- Higher risks of water leakage problem - Lowest risk of water leakage 
due to cross passages - Sump pump chamber is located at 
- Sump pump chamber is located at the the low point of the track profile, 
low point of the track profile with a but unlike the twin tube configur- 
cross passage configuration outside of ation the sump chamber will be 
the tunnels placed under the main invert slab, 
- Shorter zone in case of encountering within the tunnel 
mixed-face condition - Longer zone in case of encounter- 
ing mixed-face condition 
Fire life - Per NFPA 130, if the stations are more 5 - No cross passages will be neces- 8 


safety aspects than 762 m apart, then cross passages 


are needed every 244 m in case of a fire 


sary. Sliding doors at 244 m spa- 
cing will be provided in fire-rated 


event partitioning wall. 
- In case no fire-rated partitioning 
wall is used, ventilation/egress 
shaft shall be installed between the 
adjacent stations 
Track and - If rail crossover is required, a wide, 1 - Easy implementation of rail 10 
systems expensive cut-and-cover box or mined crossover 
cavern is needed - Better communication 
Station Con- - Shallowest cut-and-cover box 5 - Deeper cut-and-cover station 6 
figuration - Widest cut-and-cover box (widest zone compared to the twin tubes 
of impacts) - The cut-and-cover stations are 
- Restriction for narrow ROW or narrow slightly narrower than the twin 
streets where ROW is less than 20-meter tube (narrower zone of impacts) 
- More impacts on traffic circulation, - Less impacts on traffic circulation, 
and utility relocation and utility relocation compared to 
the twin tubes 
(Continued ) 
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Table 1. (Continued) 
10 9 8 7 6 5 4 3 2 1 
Good < Ranking (R) > Bad 
Parameter Twin Tube, Single Track R Single Tube, Side-by-Side Tracks R 
- In case the top of rail is deep, a mined - In case the top of rail is deep, a 
cavern station can be used instead of mined cavern station can be used 
box station to reduce the utility reloca- instead of box station to reduce 
tion works and to mitigate the impacts the utility relocation works and to 
on traffic circulation during mitigate the impacts on traffic cir- 
construction culation during the construction 
Overall pro- Longest construction duration consider- 4 Shorter construction duration con- 7 
ject schedule ing twin tubes and wide cut-and-cover sidering a single tube and narrower 
stations with lots of utility relocation cut-and-cover stations with less util- 
works, Maintenance and Protection of ity relocation works, Maintenance 
Traffic (MPT) and Protection of Traffic (MPT) 
Overall pro- The most expensive method considering 4 Cheapest option based on current 8 


ject cost 


all the above items such as extensive util- 


ity relocation works for the station, 
higher premium cost of MPT for the sta- 
tions, cross passages every 244 m, etc. 


state of practice in Europe and Asia 
considering a relatively larger single 
tube instead of twin tubes, no need 
for extensive work of cross passage, 
narrower cut-and-cover box, etc. 


Table 2. Summary of advantages and disadvantages of a center platform station and a and side plat- 


form station. 


Parameter 


Center Platform 


Side Platform 


Pros Cons 


Pros Cons 


Spaceproofing: 
Platform width 


Less equivalent 
width of the plat- 
form (but higher 
flow capacity 
during 
disturbance). 


Less space at each 
platform, less cap- 
acity to process 
flows in case of 
delays. 


overall wider plat- 
form, more vertical 
circulation cap- 
acity. Better layout 
and separation of 
passenger flow 
areas. 


Spaceproofing: 
Mezzanine Area 


Decrease in the 
number and total 
width of stairs. As 
a result, the mezza- 
nine space is more 
limited (passenger 
flow capacity alter- 
nates on the trains 
in both directions). 


Increase in the 
number and total 
width of stairs. 


Vertical Circula- 
tion Element 
(VCE) 


The total number 
of required VCEs 
may be less: e.g., 
escalators and 
elevators. 
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The total number 
of required VCEs 
may be more. 


(Continued ) 


Table 2. (Continued) 

Center Platform Side Platform 
Parameter Pros Cons Pros Cons 
Evacuation Passenger flows are Better evacuation 


mixed, the manage- 
ment of flows and 
evacuation is less 
efficient. 


capacity. 


Passenger Comfort The change of dir- 
ection is easier (ex: 
tourists). 

Safety: better con- 
trol of passenger 
space (1 surface vs. 
2 surfaces to be 
controlled). 


Passenger flows are 
mixed, the manage- 
ment of flows and 
evacuation is less 
efficient. 

The unavailability 
of VCEs can gener- 
ate disruptions in 
passenger flows. 
Outgoing passenger 
flows mix with pas- 
senger flows wait- 
ing for a train. 


Visual effect of 
continuous walls 
contributes to the 
feeling of security 
for passengers. 


Facilities The layout of the 
technical rooms at 
the end of the plat- 
form is facilitated 
by the width of the 
center platform. 
The equipment 
associated with 
each platform can 
be shared in 

a single room. 


More efficient sur- 
face area available 
for billboards. 


Maintenance Morte flexibility of 
maintenance oper- 
ations for platform 
or platform 


equipment. 
Possible reduction 
in equipment 
needs. 


Technical 
Equipment 


6 CONCLUSION 


Less space/flexibil- 
ity for mainten- 
ance/repairs. 


No combining pos- 
sible, more 
equipment. 


This comparative analysis has highlighted the different advantages and disadvantages 
related to the construction of an underground linear section with a single tube, single 
tube with dividing wall and twin tube configuration. The most determining factor 
remains the construction cost (Planning Level Tunnel Cost Estimation Based on Statis- 
tical Analysis of Historical Data, 2013). Indeed, the single-tube solution is about 20% 
cheaper than twin-tube configuration and about 10% cheaper than a single-tube solution 


with a partition wall. 


From a system point of view, the twin-tube configuration has the advantage of simpli- 
fying tunnel ventilation but requires local connections between the two tubes to install 
equipment. These construction arrangements contribute to the complexity of a twin tube 
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configuration compared to a single tube system. Consequently, the cost of installation 
and the potential duplication of equipment make the single tube configuration more 
economical. 

From a station functional point of view, the association of a center platform with a twin- 
tube configuration has the advantage of combining space and providing a common space for 
passengers present on the platform regardless of the direction they take. On the other hand, 
this combining can pose problems in the event of high traffic with intersecting flows. In add- 
ition, the center platform configuration requires the tunnels, and therefore the tracks, to be 
further apart, which leads to introducing tighter curves that impact train speed. Therefore, in 
most cases, the single-tube configuration is the most suitable subway system based on the cost 
and schedule factors. 
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ABSTRACT: Sydney Metro West is a new 24km metro line with nine underground stations 
connecting Greater Paramatta and Sydney Central Business District (CBD). Sydney CBD’s 
heavily urbanised environment requires a solution developed to higher levels of maturity at 
Concept Design than usual. This paper describes the planning process for two underground 
metro station caverns highlighting the challenges, opportunities, and constraints for the accur- 
ate positioning of the double-height caverns during the Concept Design stage. The paper also 
presents the methods adopted to assist the planning process, including the streamlined coord- 
ination work to determine the preferred location, visualisation of interfaces using Building 
Information Modelling (BIM), assessing the tunnelling impact by numerical modelling, devel- 
oping a concept level design to inform the cost, schedule and aid the early contractor involve- 
ment. The decision process to determine the optimum configuration of the station caverns is 
outlined by highlighting the balance between the spaceproofing, constructability and external 
interfaces. 


1 INTRODUCTION 


The Sydney Metro West project is planned to support a growing city and provides metro ser- 
vices to communities through an underground railway that will connect the Sydney Central 
Business District (CBD) and Greater Parramatta. This is a once-in-a-century infrastructure 
investment that will transform Sydney for generations to come by linking communities and 
supporting employment growth and housing supply. The Sydney Metro West project is div- 
ided into three discrete tunnelling packages, namely Western, Central and Eastern Tunnelling 
Packages. The Eastern Tunnelling Package (ETP) located within an urban environment com- 
prises 3.5km of running tunnels that are routed between Sydney CBD and The Bays Station. 
It includes two new double-height underground mined cavern typology stations at Hunter 
Street and Pyrmont and turnback tunnels further in the east to support the future train oper- 
ations (Figure 1). This paper focuses on the design processes implemented for the Concept 
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Design stage, that were used to manage risks associated with constraints in the heavily urban- 
ised environment to provide Sydney Metro with a strong level of assurance on the base case 
design solution. 

One principal element that drives the design process of the two stations is local geology. 
The geology in the vicinity of Hunter Street and Pyrmont Stations is inferred to consist of 
shallow fill and residual soils overlying Hawkesbury Sandstone. Fill and residual soils are gen- 
erally expected to be limited to about 2 to 3m depth (except for local services excavations). 
However, at the Hunter Street Station site, there are possibilities of some localised alluvial 
deposits along the ‘Tank Stream’ alignment which is one of the critical utilities in the area 
with heritage status. Hawkesbury Sandstone is generally indicated to be of medium to high 
strength with siltstone layers, interspaced with significant zones of increased defects, and very 
low to low strength sandstone and siltstone. There is a Luna Park Fault Zone with a low- 
strength rock mass identified close to the western end of the Pyrmont Station, which requires 
detailed consideration to ensure the most appropriate construction methodology is proposed. 
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Figure 1. Overview of Sydney metro, eastern tunnelling package. 


The key objective of the Concept Design is to demonstrate compliance with, and validation 
of the System Requirements Specification (SRS) and highlight any non-conformances. It 
helped provide assurance that safety requirements have been addressed in the design on a so 
far as is reasonably practicable (SFAIRP) basis. The Concept Design facilitated the develop- 
ment of the tender design documents, drawings, and Particular Specifications (PS) issued to 
the bidding contractors, and supported the Early Contractor Involvement (ECT) design devel- 
opment phase with the tenderers. It also enabled the project to pass through the Sydney 
Metro safety assurance gate review prior to contract procurement. Two-dimensional (2D) and 
three-dimensional (3D) numerical models were adopted at the early Concept Design stage to 
assess various construction methodologies and the potential impact on the existing buildings, 
deep basements, heritage underground utilities, and adjacent infrastructure projects. The 
assessment revealed that the potential impacts are within the acceptable limit in accordance 
with CIRIA PR30. 

The procurement contracts for Sydney Metro West are separated for Tunnels & Station 
Excavations (TSE) and final station construction. Therefore, although the design solutions 
presented are not final and will be further developed by delivery partners to be appointed in 
the future, it was necessary to define the principal elements of the project and the internal con- 
tract interfaces at the Concept Design stage. 


2 HUNTER STREET STATION 


2.1 Overview 


The Hunter Street metro station lies in the heart of the Sydney CBD, between Wynyard Sta- 
tion to the west and Martin Place metro station to the east. The station includes two station 
access shafts that are connected by a double-decked cavern. The depth to the crown of the 
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cavern ranges from 12m to 16m below the ground surface. It is around 176m long with 
approximate internal functional dimensions of 25m (width) by 15m (height). The proposed 
station is in a highly urbanised area and is surrounded by both high-rise and heritage buildings 
with deep basements. (Figure 2). Also, there are various underground utilities and heritage 
key structures like the Tank Stream and the Bennelong stormwater channel in the proximity 
of the cavern. The Tank Stream is a heritage-listed Sydney Water stormwater asset that runs 
sub-perpendicular to the station cavern and the Bennelong heritage stormwater channel 
a Sydney Water asset. The eastern station access shaft is located between Bligh Street and 
O’Connell Street, and the western station access shaft is at the corner of George Street and 
Hunter Street. Both shafts will be formed as station entries with Integrated Station Develop- 
ment (ISD) over each shaft. The station is strategically positioned to provide an interchange 
connecting to Wynyard Station via the western station access shaft, and Martin Place metro 
station via the eastern station access shaft. 
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Figure 2. Plan view of Hunter Street Station. 


2.2 Planning process 


During the Concept Design stage, the underground structures have been developed and space- 
proofed to fulfil multi-disciplinary requirements. Special considerations have also been made 
to the interfaces with adjacent buildings and infrastructures, as well as structurally complex 
geology. The success of the station design is achieved by enormous efforts of coordination 
between key disciplines/stakeholders, including but not limited to architectural design, civil 
engineering and utilities, constructability, environment and heritage, fire and life safety, engin- 
eering geology, human factors, mechanical, electrical and plumbing, operations and mainten- 
ance, structural engineering, tunnel ventilation, sustainability design, transport planning and 
urban design. 

Because of the highly developed site environment, interface analysis was one of the main 
focuses during the Concept Design stage. Extensive investigations have been carried out to 
identify the key interfaces around the site area. The interface analysis has been systematically 
conducted by way of desktop studies, site walks, information searches via asset owners, gov- 
ernment authorities, and in-situ non-destructive and destructive tests. Building Information 
Modelling (BIM) using a cloud platform was adopted to capture the information on existing 
buildings including the basement and foundations, underground utilities, heritage items, and 
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any future development applications. The adoption of BIM at the early project stage to this 
level of detail is uncommon for the Concept Design stage, but its application has proved bene- 
ficial in that it has significantly improved the efficiency of the station planning process 
between disciplines and spaceproofing exercises. BIM provides a powerful digital tool to 
enable the visualisation of underground structures in a 3D environment. Clash detection and 
inter-disciplinary coordination can occur seamlessly throughout the planning process under 
a shared digital platform. BIM also helped accelerate the design optioneering process which 
provided the ability for engineers to easily identify the physical clearance from the modelled 
external interfaces. With the assistance of BIM, different design options have been explored 
by rotating the station cavern within the allowed footprint to maximise the clearance from the 
existing building basements and heritage structures, see Figure 3. 

An early geological investigation identified that the station is located in a zone of complex 
geology. The station is located in shallow rock cover in Classes I-IV (Bertuzzi, 2014)) Hawkes- 
bury Sandstone. The rock cover above the cavern crown is about 6.5m thick. It is anticipated 
that the cavern will be excavated in Class I/II Hawkesbury Sandstone, with Class III and 
Class IV sandstone potentially encountered in the crown. Various geological features, like the 
GPO fault zone and inferred faults, will likely be encountered along the cavern. Above the 
crown, there may also be localised pockets of alluvium associated with the heritage structure 
of Tank Stream. The depth of the cavern considering its large span and the complex ground 
condition would require careful consideration of construction methodology for the project. 
The work done at concept design has helped to understand and manage the project at succes- 
sive design stages. 


Figure 3. Rotation of Hunter Street Station in plan (left) and cross section (right). 


There was an opportunity to vary the cavern geometry whilst still providing the minimum 
space requirements for the station structure and installed systems, hence the optimum solution 
was investigated geometrically. Based on the inferred geology, various sensitivity analyses 
have been conducted by using 2D numerical analysis to investigate the induced ground move- 
ment against the change in cavern span and height. Figure 4 shows that by using 2D numerical 
analysis, the most effective cavern span has been selected during the station planning process 
by defining the relationship between the change of cavern span and the induced ground sur- 
face settlement. Further, these 2D numerical models provided the validation for 
a sophisticated 3D numerical model to understand the full spatial effects of tunnel excavation 
during concept design. 

As part of the Hunter Street Station design process, a study was necessary to arrive on opti- 
mised cavern height to lessen the excavation volume thus increasing the environmental quo- 
tient through reduced spoil disposal and associated truck movement. It also resulted in an 
increased physical clearance to numerous external interfaces whilst maintaining the minimum 
spatial requirements within the station. The 2D numerical modelling also assisted in 
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Figure 4. Cavern span sensitivity checks. 


evaluating possible changes in ground behaviour that may potentially impact the settlement 
compared to the base case. The plastic zone plots for the parametric reduction in height were 
obtained from the sensitivity analysis. Typical plots of plastic zone extents are presented 
below (Figure 5). 
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Figure 5. Cavern height sensitivity checks. 


2.3 Tunnel design 


One of the main objectives of a Concept Design is to justify the buildability of the under- 
ground structure. Due to the complex geological conditions and proximity to external inter- 
faces, it was decided at the early stages of work to conduct 3D numerical modelling. 3D 
analyses were used to best simulate the cavern tunnelling work. The analyses captured the 
induced ground movement and assessed the impact on the adjacent buildings and under- 
ground utilities with higher accuracy. The application of 3D Finite Element Modelling (FEM) 
gave a good level of confidence to the proposed cavern profiles so optimum design solutions 
could be implemented before the contract procurement stage. 

Having considered the complex geology of the station area, the 3D analyses were simulated 
by adopting two separate models in Plaxis 3D. The most critical geological condition was 
chosen in each model. The beddings and the rock mass discontinuities of Hawkesbury Sand- 
stone were considered in the models by introducing the interface elements between different 
layouts of the rock. The models assumed the tunnel was under drained condition during exca- 
vation and the groundwater pressure was not considered in the 3D FEM analysis. Critical 
external interfaces were also modelled to assess the impact due to the tunnelling work. 
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In numerical modelling, a construction methodology has been developed for Concept 
Design. Construction of the cavern is assumed to be undertaken using the Sequential Excava- 
tion Method (SEM) by roadheaders. An excavation sequence consisting of three headings, 
split bench, and invert excavation has been considered with the installation of primary support 
undertaken before subsequent excavation stages. Canopy tubes were assumed to be initially 
installed before the commencement of the excavation. In general, canopy tubes will be 
installed at a 5° upward inclination, covering a 120° extent on top of the headings. Following 
this, the headings will be framed by lattice girders at 1m spacing, subsequently, embedded into 
300mm thick steel fibre reinforced shotcrete. In areas close to sensitive receivers, canopy tubes 
will be installed in staggered double layers to minimise any induced settlement. Figure 6 shows 
an example of the modelled external interfaces in the 3D numerical analysis. 

Advance length for excavation staging has been idealised to suit modelling purposes. As 
part of the sensitivity analysis, two advance lengths, 3m, and 1.5m have been analysed and the 
longitudinal spacing between the two stages of excavation was assumed to be 24m. 
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Figure 6. Example of the 3D model showing the cavern and its proximity to nearby structures. 


It is noted that shotcrete will gain strength during the advancement of the tunnel until it 
reaches its maximum capacity (28-day strength) in the 4™ cut. The progressive gain of the 
shotcrete strength has been simulated in the 3D model. The first advance of excavation will be 
supported by the canopy tubes without shotcrete lining. As a standard engineering practice, 
an empirical crack ratio of 0.66 has been applied to the final strength of the shotcrete to con- 
sider the effects of cracked shotcrete due to the shrinkage crack and convergence-induced 
crack. 

The findings from the Concept Design have justified the constructability of the proposed 
cavern profile. The induced ground surface settlement, convergence movement, and impact on 
the nearby sensitive receivers were in general within the acceptable limit. The outcome has 
informed the implementation of any mitigation measures and necessary adjustments on the 
construction staging prior to the procurement at the next stage. In order to improve the level 
of confidence on the proposed tunnelling work, the efforts taken are beyond the level of con- 
cept design. 


3 PYRMONT STATION 


3.1 Overview 


Pyrmont Station is located in the Pyrmont Peninsula, located amongst mainly low to 
medium-rise buildings, warehouses, and hotels within the Pyrmont Heritage Conserva- 
tion Area. Pyrmont Station consists of a 165m long double-deck cavern, with internal 
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dimensions of 21m wide by 14m high, connected by two access shafts. The eastern 
access shaft is located at the east end of the station cavern between Edward Street, 
Union Street and Pyrmont Bridge Road. The western access shaft, 10m offset from the 
cavern, is in the middle of the cavern between Paternoster Row, Pyrmont Street and 
Pyrmont Bridge Road. Adits are proposed to link the cavern and the western access 
shaft. The spaceproofing exercise, identified the need for a pedestrian adit to be pro- 
vided in the middle of the cavern to connect the western access shaft, whilst a service 
adit will run from the west of the western access shaft bifurcating two into adits when 
meeting the west end of the cavern for services and emergency egress purposes. Refer 
to Figure 7 for the station layout. 
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Figure 7. Plan view of Pyrmont Station. 


3.2 Tunnel spaceproofing 


The Pyrmont Station cavern and the associated adits are designed to be undrained structures 
as horseshoe shapes with curved inverts to mitigate groundwater drawdown settlements in 
long-term . The internal arrangement of the station cavern has been coordinated with different 
disciplines to meet the requirements from SRS, safety requirements, and relevant industry and 
national standards. 

Based on the existing limited ground investigation records, the geology was inferred 
to consist of shallow fill and residual soils overlying Hawkesbury Sandstone. The sta- 
tion cavern is located at a reasonable depth which is mainly overlaid by Class I/II 
Sandstone. It is indicated that the Luna Park Fault Zone could potentially affect the 
western end of the Pyrmont Cavern that demands a suitable design solution. The desk 
study and site survey records also confirmed that the existing buildings only have shal- 
low sub-structures, therefore, the cavern is designed to be supported by pattern bolts 
with temporary shotcrete. 

Various design options have been explored to connect the cavern with the western access 
shaft. A single service adit was split into two adits with a 4m width rock pillar in between to 
avoid any significant impact on the western end of the cavern due to the potential fault zone. 
As part of the station planning process, the connection between the concourse level of the sta- 
tion and the entries will be achieved by long escalators running from level B2 of the western 
access shaft down to level B5 through the pedestrian adit. To accommodate the headroom 
requirement of the escalator, two profiles were proposed within the pedestrian adit which will 
connect the shaft and the cavern. Refer to Figure 8 for the arrangement of the escalator and 
pedestrian adit. 
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Figure 8. Cross-sectional view of the escalator and pedestrian adit. 


3.3. Constructability 


The ETP running tunnels will be excavated using Tunnel Boring Machines (TBMs) from The 
Bays through Pyrmont Station to the western end of Hunter Street Station. To develop 
a feasible construction program for Pyrmont Station, two construction options were evalu- 
ated. The first option was to allow the TBMs to pass through the Pyrmont Station site before 
the commencement of cavern excavation. The second option would require the station’s 
cavern to be excavated to the invert level to enable the TBMs to transit through on a steel 
cradle by the use of hydraulic jacks. At the eastern end of the Pyrmont Station, the TBMs 
would then be re-launched to proceed toward the Hunter Street Station cavern. Since the 
excavation of the Pyrmont Station cavern lies on the project’s critical path, the second option 
was identified to be a better fit and finalised for Concept Design. This option prioritised 
access to the station cavern. A temporary shaft was proposed to further provide early access 
to the cavern excavation (Figure 9). 
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Figure 9. Proposed location of Temporary Shaft in plan (left) and cross-section (right). 


Further, at the Pyrmont Station and shaft excavation areas, various options for sequential 
excavation were studied and the best fit was found. In this finalised option, the excavation will 
be conducted at the eastern end of the station through the temporary shaft and temporary 
adit, while the western shaft will be excavated simultaneously at a rate dependent on external 
factors. 
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If the cavern excavation progression from the east is completed at a faster pace than that 
from the western shaft, the construction sequence will start excavation from the east to reach 
the western end of the station. This will be followed by the pedestrian and service adits excava- 
tion to establish a connection with the western shaft. Alternatively, if the western shaft excava- 
tion progresses quicker than the cavern excavation, the pedestrian and service adits 
excavation will begin from the western shaft to reach the station cavern. 

2D Finite Element Modelling (FEM) has been carried out to ensure that the design captures 
the effect of various construction sequence options. Because the adits were modelled as longi- 
tudinal sections, it was challenging to justify the ground movements. However, the ground 
movements due to the adits construction were validated by developing a series of FEM 
models across adits considering different ground relaxation percentages (30% to 100%). To 
verify the support system’s adequacy, sensitivity checks were conducted that includes adopting 
a lower class of sandstone for the geology to provide a baseline for ground movement during 
the excavation. 


4 CONCLUSION 


This paper details the key challenges and opportunities encountered during the fully fledged 
development of Concept Design for two underground metro stations and its benefits. The 
mature preliminary design has assisted the potential delivery partners to digest complex infor- 
mation in a short period of time to arrive on a viable tender design that will support successive 
delivery. The level of detail provided in the Concept Design enabled clear understanding, 
better development of design and construction planning during tender that provides an overall 
healthier outcome for the project and its client Sydney Metro. 

A detailed 3D continuum model, robust primary support and excavation staging assess- 
ment, optioneering of alignment and station positioning as a response to the presence of clus- 
tered external interfaces at the premature stage of the project was found to be a right decision. 
It provided solid insights into technical feasibility, a risk, cost, and programme, resulting in 
better outcomes for the project in the delivery stage. 

Above all, the surpassing quality of the Concept Design for ETP is a very good template for 
future metro projects being developed in dense urban environments. 
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ABSTRACT: Large volumes of steel fibre reinforced shotcrete (sprayed concrete) and steel 
bolts are commonly used to support tunnels in hard rock. This generates a high CO,-footprint 
which must be reduced in order to decelerate the continuously increasing average temperature 
worldwide caused by the emissions of greenhouse gases. Thus, alternative design methods and 
the possibility to use other materials than steel are currently investigated. Work is ongoing on 
testing the load-bearing capacity of shotcrete reinforced with fibres of steel, basalt and syn- 
thetic materials. This also includes a comparison between tests using Round Determinate 
Panels (RDP) and four-point bending of beams. Moreover, the practical use of RDP testing 
as a quality control methodology is also investigated in situ. Here, the goal is to identify sev- 
eral shotcrete mixes suitable for use in tunnelling so that the right material and fibre volume 
can be used in the right place. 


1 BACKGROUND 


The world is facing an enormous challenge in which the emission of greenhouse gases (GHG) 
must be reduced in order to decelerate the continuously increasing average temperature world- 
wide. At the same time, a long trend of urbanisation have led to that the infrastructure net- 
work in many densely populated cities must be expanded in order to have a functional 
transportation infrastructure. Thus, the road and railway network must be expanded which 
includes bridges and tunnels. In many cases, tunnels are the most favourable option since they 
do not interfere with the existing cityscape. Tunnels in soft ground are often supported by cast 
reinforced concrete, while tunnels in hard rock normally are supported with a combination of 
fibre-reinforced shotcrete, i.e. sprayed concrete, in combination with rock bolts. 

In Sweden, most tunnels are constructed in hard and jointed rock of good quality and 
hence, fibre-reinforced shotcrete and rock bolts is commonly used as rock support. Moreover, 
road and railway tunnels are owned by the Swedish Road Administration (SRA) and while 
the design of tunnels is based on Eurocode, supplementary rules are issued by the SRA. Fur- 
thermore, the SRA also decides the type of materials, e.g. type of reinforcement and rock 
bolts, that are allowed in the tunnels. As for today, only steel fibres and steel rock bolts are 
allowed. One reason for this is the long experience with research and practical use of steel 
fibres in tunnels that started in the 1980’s by the work of (Holmgren, 1979) and have con- 
tinued with work presented by e.g. (Ansell, 1999), (Malmgren, 2005), (Nordström, 2005) and 
(Sjölander, 2020). 

Today, the market offers many alternative materials to steel, such as polypropylene, glass 
fibre and basalt fibre, which do not suffer from corrosion and have the potential of lowering the 
emissions of GHG during construction. Therefore, the SRA have issued two research projects 
in order to investigate the possibilities of reducing the environmental impact from the construc- 
tion and life-cycle of the tunnels in Sweden. In the first, the feasibility of using glass fibre bolts 
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as permanent rock bolts was investigated by (Johansson et al., 2020). The second project is cur- 
rently on-going and focuses on the advantages and disadvantages of steel, synthetic and basalt 
fibres. An overview of the topics the research project aims to cover is shown in Figure 1. 


Ability to spray 


Rest product from 
spraying 


Figure 1. Overview of the research focus in the project. 


Obviously, the structural capacity is an important topic but also the design philosophy, 
which stipulates the structural requirements put on the shotcrete, normally in terms of an 
required energy absorption or a minimum residual flexural strength. On the practical side, the 
ability to spray the required dosages of the different fibres, and if large variations in rebound 
exist between different fibre types is also of interest. To assess the fibres impact on the envir- 
onment, tools such as life-cycle assessment and environmental product declaration (EPD) 
should be used. However, it is also important to consider how the mock, i.e. fibre-reinforced 
shotcrete that rebound from the tunnel surface, should be taken care of. In Norway, large 
amounts of synthetic fibres ended up floating in the fjords, which lead to a complete ban of 
this fibre type for all Norwegian road and railway tunnels (Myren, 2018). Finally, the know- 
ledge regrading how different fibres react under long-term loading and their durability must 
be investigated. The latter is the most challenging aspect of the project. It includes investigat- 
ing which possible deterioration mechanisms exist for the different fibres, and if they may be 
initiated or accelerated in a tunnel environment. 

Within this project, the structural capacity of different fibre types have been investigated by 
experimental testing and reported by (Rengarajan, 2020) and (Sjölander et al., 2022a). The envir- 
onmental impact of different fibre types was investigated in a case study reported by (Anand, 
2021), while (Brodd and Ostlund, 2022) investigate the impact of different test methods for the 
structural capacity of shotcrete and the possibilities of replacing part of the cement with slagg. In 
this paper, results from the experimental campaign which contain structural testing of fibre- 
reinforced shotcrete with various fibre types and dosages performed on cast and sprayed beams 
according to EN 14488-3 (CEN, 2006a) and round determinate panels according to ASTM 
C1550 (ASTM, 2019) are presented together with the ongoing work. 


2 DESIGN OF SHOTCRETE ROCK SUPPORT 


The design of tunnels and other geotechnical structures is complex due to the many uncertain- 
ties that surrounds the quality of naturally occurring building materials such as rock. There- 
fore, the design rules in Europe, i.e. Eurocode 7 (CEN, 2004), gives the designer a flexibility to 
verify the structural capacity using different methodologies, i.e. the observational method, 
numerical methods, empirical methods as well as experimental test and models. For tunnels in 
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hard rock, the rock mass is part of the support system due to composite action between shot- 
crete, rock and rock bolts but will also act as the load on the support. The total load on the 
support system is difficult to predict since it depends on the time of installation as well as the 
load distribution between shotcrete and rock. Therefore, the design approach and method- 
ology differs between different countries but also between different designers. 


2.1 Post-cracking performances of fibre reinforced shotcrete 


For fibre-reinforced shotcrete, the post-cracking performance, i.e. residual strength or energy 
absorption, is governed by the energy consumed while fibres are being deformed and pulled-out 
from the shotcrete (Nordström, 2005; Sjölander, 2020). Thus, the geometry and mechanical 
properties of the fibre together with the bond strength between the fibre and shotcrete matrix 
will all effect the post-cracking performance. Different type of fibres will therefore be efficient in 
different ways. In general, steel and basalt fibres are more efficient at lower deflections, while 
synthetic fibres are more efficient at larger deformations. However, this is a generalised explan- 
ation and the structural behaviour also depends, as mentioned above, on the length and profile 
of the fibres which could be altered in the manufacturing process. Due to this, different fibre 
materials may be more or less efficient depending on which structural requirements the shotcrete 
must fulfil. Structural requirements are either based on the residual flexural strength or the 
energy absorption capacity and is determined based on which design approach is used. 


2.2 Empirical and numerical design 


The most widely used empirical design methods for rock support is the Q-method developed 
by Barton et al. (Barton, 1974), and the Rock Mass Rating (RMR) system developed by 
(Bieniawski, 1973). In both methods, the quality of the rock mass is estimated through 
a geotechnical inspection of the excavated rock mass. Based on a fixed number of parameters, 
a numerical value which represent different qualities of the rock mass is calculated. Based on 
this, both methods suggests a rock support, i.e. a required shotcrete thickness and spacing 
between rock bolts. The Q-system also gives a minimum energy absorption based on testing of 
square panels according to EN-14488-5 (CEN, 2006b). Besides the recommendations by the 
Q-system, national recommendations with respect to energy absorption or residual flexural 
strength are sometimes used, as summarised by (Sjölander et al., 2022a). 

If the design should be verified by numerical calculations, local failure modes in which 
a loose block is loading the shotcrete is commonly assumed, see e.g. (Barrett and McCreath, 
1995). Based on this, the required thickness and residual flexural strength of the fibre- 
reinforced shotcrete (FRS) can be determined. Here, the performance of the shotcrete is nor- 
mally tested on concrete beams, e.g. EN 14488-3 (CEN, 2006a), and the residual strength is 
determined for a vertical displacement in the range between one and four millimeters. It is 
known that a large scatter in the residual strength exist from tests based on beams due to the 
small fracture surface. Moreover, (Brodd and Ostlund, 2022) performed numerical simula- 
tions to show that the dosage of fibres could be reduced significantly if a trustworthy correl- 
ation between energy absorption measured on round determinate panels and residual flexural 
strength measured on beams could be established. 


3 EXPERIMENTAL WORK 


Experimental results for fibre-reinforced shotcrete with steel and synthetic fibres are widely 
available in the literature, see e.g. (Barros et al., 2005) and (Bernard, 2002). Results with 
basalt fibres are less common but have recently gained an increased interest from the scientific 
community, see e.g. (Mohaghegh, 2018). However, most results contain only one type of fibre 
and in other cases, the shotcrete mix was not similar to the mix that is traditionally used in 
Swedish tunnels. Therefore, a test series with different type of fibres and a traditionally Swed- 
ish shotcrete mix was performed to facilitate the comparison between different fibres. Another 
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important reason for conducting this test series was to investigate if any difference in struc- 
tural behaviour or fibre orientation could be observed between cast and sprayed samples. The 
results for the fibre orientation is presented by (Ansell, 2021; 2023). Below, the test set-up and 
the evaluation of the structural and environmental performance is presented. 


3.1 Test set-up 


To investigate how different type of fibres affect the structural capacity of fibre-reinforced 
shotcrete, an experimental campaign was conducted at the laboratory of Vattenfall R&D in 
Alvkarleby, Sweden. Tests were performed with two different types of steel fibres, one syn- 
thetic fibre and one basalt fibre type. Both cast and sprayed specimens have been tested and 
the complete test matrix is presented in Table 1. The complete results from the test series are 
presented by (Sjölander et al., 2022b). 


Table 1. Test matrix for the experimental campaign. 


Cast Sprayed 
Dosage Cubes Beams Panels Cubes Beams Panels 
Fibre Material kg/m [-] [-] [-] [-] [-] [-] 
Dramix 3D Steel 30/40/50 3/3/3 3/3/3 3/3/3 3/3/3 -/-/- 3/3/3 
Dramix 4D Steel 30/40/50 3/3/3 3/3/3 3/3/3 3/3/3 -/-/- 3/3/3 
Basalt Minibar Basalt 14/16/20 3/3/3 3/3/3 3/3/3 3/3/3 -/-/- 3/3/3 
BarChip 54 Synthetic 3/6/9 3/3/3 3/3/3 3/3/3 3/3/3 -/-/- 3/3/3 


Figure 2. From left to right, casting, storage of specimens during the first 24 hours, and storage until 
testing. 


Table 2. Shotcrete mix used in the experiments. 


Material Content Unit Comment 

Cement 500 kg/m? 

Water 204 kg/m? 

w/c 0.41 - 

Aggregate 0-2 mm 489 kg/m? 

Aggregate 0-8 mm 1141 kg/m? 

Release agent 1.6 kg/m? Sika Perfin 301 

Plasticizer 5.0 kg/m? Sika Viso-Create 6730 

Air 4.5-5.1 % Given as range for all samples 
Slump 80-150 mm Given as range for all samples 


The shotcrete mix is presented in Table 2 and represent a typical mixture used in Swedish 
tunnels. The compressive strength was tested on cubes according to EN 12390-3 (CEN, 2002), 
the residual flexural strength tests were based on EN 14488-3 (CEN, 2006a) and the energy 
absorption was evaluated using round determinate panels (RDP), based on ASTM C1550 
(ASTM, 2019). For each dosage of fibres, all test speciemens were casted or sprayed from one 
batch. Cast specimens were produced by the laboratory personnel, while sprayed samples 
were produced by an external and certified shotcrete operator. During the first 24 hours, the 
specimens were protected using plastic sheeting, see Figure 2. Thereafter, the specimens were 
stored for the remaining 27 days before testing in a controlled environment in the laboratory. 


3.2 Evaluation of structural performance 


All the tested fibres could fulfil the structural requirements usually put on fibre-reinforced 
shotcrete, i.e. reach a target energy absorption or specific flexural residual strength (Sjölander 
et al., 2022a). Hence, all the tested fibres are suitable for rock support from a structural point 
of view. However, the fibres have different characteristics which must be acknowledged in the 
design. This is highlighted by the results presented in Figure 3. Here, the residual flexural 
strength at 2 mm deflection ffi re2 and the energy absorption at 40 mm vertical deflection E49 
for cast beams and panels are shown. For the tested type of fibres, synthetic fibres are clearly 
less efficient at small displacements since the three tested dosages resulted in the lowest fri re2 
for all fibres. For large deformations, synthetic fibres are much more efficient and panels with 
a dosage of 6 and 9 kg/m? show the highest energy absorption of all tested fibre type and dos- 
ages. Steel fibres performs well at small and large displacement. While comparing steel and 
basalt fibres, the results indicate that steel performs better than basalt at large displacements. 
This can be seen by comparing the results for 14 kg/m? of basalt to 20 kg/m? of Dramix 4D. 
Both fibres show similar results for ffi re2 but the mean value for energy absorption at 40 mm, 
i.e. E4o, is significantly higher for Dramix 4D. 


Dramix 3D 


Dramix 4D 1000 
Basalt Minibar 
BarChip R54 800 
5 600 
e 
uj 
400 
200 
0 
a & 9 14°36. 20 36 46. 50 3 6 9 14 16 20 30 40 50 
Dosage [kg/m?] Dosage [kg/m?] 


Figure 3. Flexural residual strength at 2 mm vertical deformation and energy absorption at 40 mm 
deflection for cast beams and panels with various fibre type and dosages. From (Sjölander et al., 2022a). 


Most tests presented in the literature are based on cast specimens since these are easier and 
cheaper to produce in the laboratory. However, the results in Figure 4 indicate that there is 
a significant difference between cast and sprayed specimens. Here, the difference in fri re2 with 
steel fibres and E4 with basalt fibres are shown to the left and right side, respectively. Thus, 
this effect must be considered while evaluating structural performance and it should be further 
investigated whether or not it is affected by the type of fibre. One of the reasons for the differ- 
ence in structural performance could here be that fibres were lost during spraying due to 
rebound from the hard surface. Another reason could be that fibres became unfavorably 
aligned when hitting the hard surface under high pressure. A comparison between the fibre 
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orientation for the different fibre types will be performed using computed tomography (CT), 
see e.g (Ansell, 2023). 


3.3 Evaluations of environmental impact 


In the work by (Anand, 2021) and (Sjölander et al., 2022a), the environmental impact of various 
type of fibres was investigated. A case study representing the design of rock support for 
a Swedish tunnel was used to investigate the environmental impact caused by the fibres. Here, 
only the design phase of the tunnel was included, i.e. possible deterioration of fibres and the 
need for maintenance was not included. The same shotcrete mix and thickness was used, and 
the required dosage of fibres was determined based on different national design recommenda- 
tions. For more details, see (Sjölander et al., 2022a). The environmental impact from the various 
fibres was based on available environmental product declarations (EPD) for each of the fibre 
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Figure 4. Energy absorption at 40 mm deflection for cast and sprayed panels with Dramix 3D steel 
fibres (left) and basalt Minibar fibres (right). 


types used. Here, the equivalent emission of greenhouse gases from cradle to gate was used to 

compare the different fibres. This means that all emissions until 1 kg of fibres are ready to be 

shipped from the factory are included in the analysis. In Figure 5, a comparison between CO, 

emissions for the different fibre types is presented for two design cases. To the left, the lowest 

dosage of each fibre type that fulfilled a minimum ffi re2 of 3 MPa and the corresponding CO, 

emissions are shown. To the right, dosages required to fulfill a minimum E49 of 400 J (here 
== Dramix 3D 
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Figure 5. Emission of greenhouse gases for selected dosages of fibres that fulfil a flexural residual 
strength of 3 MPa at 2 mm vertical deflection (left) and an equivalent energy absorption of 1000 J at 
40 mm deflection (right). 
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assumed equivalent to 1000 J for a rectangular slab used in the Q-system) is shown with the 
corresponding CO, emissions. First, it could be noted that the tested synthetic fibres did not 
fulfill a ffi re2 of 3 MPa and in this cases, steel fibres yield the lowest environmental impact, in 
terms of CO, emissions. For a design based on energy absorption, the synthetic fibres is clearly 
showing the greatest potential in lowering the CO, emissions. However, other aspects such as 
durability, effects due to long-term loading and how rebounded fibres containing synthetic 
material should be prevented to end up in the nature must also be investigated. 


4 CONCLUSIONS AND FUTURE WORK 


In this paper, results from structural testing of cast and sprayed fibre-reinforced shotcrete spe- 
cimens have been presented. It was shown that all the tested fibre types were able to fulfil the 
structural requirements that are normally put on the rock support. However, different types 
of fibres are more or less suitable depending on expected behaviour of the rock mass. More- 
over, it was shown that a large difference exists between cast and sprayed specimens. This 
could simply be due to the loss or unfavourable orientation of the fibres caused by the spray- 
ing process. This should be further investigated using computed tomography at a later stage. 

The biggest challenge and obstacle to overcome before allowing fibres of alternative mater- 
ials on the Swedish market is the durability. Steel suffers from corrosion which mainly is 
a problem in cracked sections and therefore, a problem that could be visually detected. Basalt 
fibres suffer from degradation in an alkaline environment, i.e. inside the shotcrete. However, 
the basalt is protected by a coating to prevent a contact with the concrete. But to ensure 
a technical life time of 120 years, the durability of the coating and how this is affected by 
potential cracks should be further investigated. A similar question arises for synthetic fibres, 
weather the material is affected by the alkaline environment during the life-time of the tunnel, 
which normally is 120 years. Also, if the presence of ground water and chlorides affect the 
durability of alternative fibre types must also be investigated. 
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ABSTRACT: The objective of this paper is to evaluate the use of Bonded Block Modelling 
(BBM) in 3DEC software combined with hybrid rock bolts, for three different cases. These 
cases included the Hoek’s laboratory rock bolt case, the shearing case, and the blocky rock 
mass case. The BBM is a relatively new numerical modelling technique. The laboratory rock 
bolt test was introduced by Hoek and the main idea was to describe the way that rock bolts 
work. The laboratory rock bolt model validated the results of Hoek. The fragmentation 
result is examined on the shearing and blocky rock mass cases. The fragmentation of rock 
pieces was noticeable on the shearing case and followed the fundamentals of the rock mech- 
anics theory. 


1 INTRODUCTION 


The purpose of this Master Thesis project is to evaluate the Bonded Block Model (BBM) 
numerical modelling technique, by analyzing two tunnelling cases and one laboratory case. 
The BBM technique is a new concept and is not commonly applied yet throughout the world 
(Vatcher and Sjéberg, 2020). Despite this fact, it is a very useful engineering tool because it 
has capabilities of reproducing other mechanisms compared to traditional numerical model- 
ling techniques. The software where the BBM is going to be applied is called 3DEC. This is 
a discontinuum, finite element method software that has the capability of simulating both 
continuum and discontinuum media being subject to either static or dynamic loading (Itasca 
Consulting Group, Inc 2020). 

The current project is divided into three main tasks. The first task involves modelling 
a replica of Dr. Hoek’s laboratory rock bolt model. Dr. Hoek’s laboratory rock bolt experi- 
ment represented a tunnel with a roof made of gravel and supported by rock bolts (Hoek, 
2007). The aim of this task was to evaluate the behavior of the rock pieces in combination 
with the applied support, under different support designs. 


Figure 1. Illustration of Dr. Hoek’s rock bolt model, during its construction (Hoek, 2007). 
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The next two tasks represent an excavated tunnel in quasi-3D. In quasi-3D modelling, 
there are multiple BBM particles across the depth of a 3D model representing a plane-strain 
or plane-stress problem. Different loading conditions as well as rock mass properties were 
assigned, to achieve either shear failure along a discontinuity or failure due to a blocky rock 
mass. There is a limitation regarding the minimum size of these blocks due to currently 
available computation capabilities. In this work, the minimum block size had an average 
block diameter of 15 cm. 


2 BACKGROUND 


2.1 General information 


3DEC is a three-dimensional Distinct Element Method (DEM), which can be used to simulate 
both continuum and discontinuum media. The user can separate the continuum medium from 
the discontinuum, by adding either interfaces or contacts between those (Itasca Consulting 
Group, Inc, 2020). 3DEC’s 2D version is called UDEC and this was the first software to be 
created by Peter A. Cundall in 1980 (Itasca Consulting Group, Inc, 2020). 3DEC was designed 
in 1988 (Cundall, 1988; Hart et al., 1988). 

The numerical modelling approach of 3DEC is different from continuum models, such as 
FLAC. FEM software usually have some techniques to simulate the different types of dis- 
continuities (Itasca Consulting Group, Inc, 2020). However, the ability to represent inter- 
active behaviors for a great number of intersection faults or joints is something that 
continuum models cannot do to the same extent. A 3DEC model can be divided into several 
categories including blocks, contacts and sub-contacts, zones and their grid points, boundar- 
ies, and constitutive models. 


2.2 The 3DEC hybrid bolt model 


The 3DEC hybrid bolt model is a one-dimensional reinforcement element introduced in 
3DEC 7.00 version (Itasca Consulting Group, Inc, 2020). This structural element has 
been developed to reproduce both the axial and shear behavior of rock bolts, such as 
fully grouted rebar, cable bolts and Split Sets. Hybrid bolts consist of cable elements 
and dowel elements. Cable elements can model the bolt’s axial behavior. Dowel elements 
are local shear springs existing at fracture intersections and can model the shear resist- 
ance induced by the presence of the bolt system. Both elements can yield, rupture, and 
reproduce the three stages of loading response (elastic, yield, and plastic stages). The 
hybrid bolt model properties are usually calibrated through simple pullout and shear 
tests on bolts. A calibration tool from Itasca is provided and can be used to calibrate 
and decide on the final hybrid bolt properties. 


3 MODEL SETUP 


3.1 Laboratory rock bolt model 


The laboratory rock bolt model was set up to simulate the roof of a tunnel supported only by 
rock bolts. The material used in 3DEC model consists of rock pieces with a small average 
diameter. For this experimental setup and for each case, the average diameter was set to 
15 cm. The horizontal boundaries of the model were fixed, and the movement of the rock 
pieces can occur only in the vertical direction. The test size extent was chosen to represent the 
real laboratory rock bolt scale test. Thus, the model geometry comprised a cube with dimen- 
sions equal to 2 x 2 x 1 m. For computational effectiveness, the vertical size of the testing area 
in the model was chosen to be | m. The blocks were modeled as a deformable material with 
maximum zone side length of 5 cm. 
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Figure 2. The BBM geometry along with its zones and together with the applied boundaries. 


3.2 Bolt spacing design 


For this experiment, four different rock bolt spacing designs were applied. With the chosen 
rock piece diameter of 15 cm, the block configuration should remain stable for a bolt spacing 
of less than 45 cm. The four different rock bolt designs included spacings equal to 20, 30, 45 
and 60 cm. Furthermore, one case with no rock bolts was also modeled, mainly for model 
validation purposes. The first row of rock bolts both in x- and y- directions was set to 10 cm 
away from the ‘wall’. With this setup, it was possible to have a symmetrical rock bolt design 
all over the testing area. 


3DEC 7.00 
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Figure 3. Top view of the model geometry with installed bolts of 20 cm. spacing. 


3.3 Shearing model 


The purpose of the shearing model in this project is to simulate the effects of a fault on the 
installed rock bolts as well as on the excavated tunnel. The rock mass was assumed to consist of 
only granite. The simulations were carried out on a quasi-3D model. A quasi-3D model can 
simulate on 3D but with less elements, resulting in faster computation times. For this case, 
a discontinuum non-BBM was created first, to identify the critical mechanisms as well as to 
ensure that the model is correct. The discontinuum non-BBM included the fault, but not the 
BBM elements. Then, the discontinuum BBM was developed. The case of the Kiirunavaara mine 
was considered, to choose realistic in-situ values for the stress and fault properties. The tunnel 
was modelled to be excavated at the depth of 1500 m. 

An arched back shaped tunnel was created with a 3 m width and a total height of 
3 m. The extent of the model was designed with dimensions of 23 x 0.3 x 23 m. The extent 
along the y — axis was chosen to be 30 cm to create a quasi-3D model. A fault was also 
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included with an inclination of 45°. Figures 4 and 5 present the final model geometry along 
with the excavated tunnel and the fault. The fault was designed in a way that it would cross 
the bolt on the roof and on the wall of the tunnel. 


3DEC 7.00 
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Figure 4. Designed model geometry for the shearing case. 
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Figure 5. Designed BBM geometry for the shearing case. 


The in-situ stress state for the Kiirunavaara mine area was calculated according to Sand- 
ström, (2003). Boundary conditions were applied on the horizontal as well as on vertical direc- 
tions, for all the existing grid points located on the following points: x = 0 m, x = 23 m, z = 
0 m, and z = 23 m. The grid points located on the points y = 0 m and y = 0.3 m were assigned 
boundaries that did not allow the movement of the blocks on the y-axis. 


3.4 Blocky rock mass model 


The rock mass was assumed to include only granite. The simulations were carried out on 
a quasi-3D model. A discontinuum non-BBM was created first, to identify the critical mech- 
anisms as well as to ensure that the model is correct. Afterwards, the discontinuum BBM was 
developed. For this case, the excavation of the tunnel was modelled at the depth of 30 m. 

An arched back shaped tunnel was created with a 3 m width and a total height of 
3 m. The extent of the model was designed with dimensions of 23 x 0.3 x 23 m. The extent on 
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the y — axis was chosen to be 30 cm to create a quasi-3D model. To simulate the blocks in the 
rock mass, vertical (z-axis) and horizontal (x-axis) joints were included with a spacing of 
0.8 m, in both directions. Figures 6 and 7 illustrate the final model geometry along with the 
excavated tunnel and the blocks. 

A gravitational in-situ stress state was assumed for the blocky case. Boundary conditions 
were applied on the horizontal as well as on vertical directions, for all the existing grid points 
located on the following points: x = 0 m, x = 23 m, z = 0 m, and z = 23 m. The grid points 
located on the points y = 0 m and y = 0.3 m were assigned boundaries that did not allow the 
movement on the y-axis. 
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Figure 6. Designed discontinuous non-BBM geometry for the blocky case. 
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Figure 7. Designed discontinuous BBM geometry for the blocky case. 


4 RESULTS 


4.1 Laboratory rock bolt test model 


The most vital parameter to ensure the formation of the compressive zone throughout the cycling 
process is the initial tensile force of the rock bolts. The resulting contours of the formed stresses in 
the rock pieces area, should resemble in an approximate way the indicated compressed area of 
Figure 8. 
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For rock bolt spacing of 20 cm the rock pieces are stable, see Figure 9. For rock bolt spa- 
cing of 45 cm according to Figure 10, a stable model is represented with a larger volume of 
falling rock pieces, compared to the case of 20 cm. 


Figure 8. Illustration of the model’s parameters (Hoek, 2007). 
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Figure 9. Calculated vertical displacements for rock bolt spacing of 20 cm, shown on a vertical 
cross-section. 


3DEC 7.00 


Figure 10. Calculated vertical displacements for rock bolt spacing of 45 cm, shown on a vertical 
cross-section. 
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Figure 11. Calculated sigma 1 stress for the case of 20 cm rock bolt spacing, shown on a vertical 
cross-section. 


Figure 12. Calculated sigma 1 stress for the case of 45 cm rock bolt spacing, shown on a vertical 
cross-section. 


According to Figure 11, the case of 20 cm presents an exact area of compressed material. The 
stresses exist all around the area of interest and their value is not close to zero. After the stabiliza- 
tion of the models, the contouring of stresses indicate that the desired mechanism has been cor- 
rectly caught. As shown in Figure 12, the case of 45 cm rock bolt spacing simulates a compressed 
area over the topic of interest. However, a huge part of this area is contoured with a small value 
of compression stress. 


4.2 Discontinuum BBM — Shearing case 


The discontinuum non-BBM in both shearing and block case consists of two modelling 
phases, the initial phase, and the excavated phase. A key parameter that should be evaluated 
in the initial phase, is the initial in-situ stress field. Correct values of in-situ stresses, after run- 
ning the model to equilibrium, indicate that the model has been constructed correctly. BBM 
can be used to determine which blocks have been detached from the rock mass, because of the 
tunnel excavation. 3DEC has an available option of computing the fragments that have been 
detached from the rock mass. A fragment is defined as a group of blocks connected by intact 
sub contacts (Itasca Consulting Group, Inc, 2020). The UCS of the rock plays a significant 
role in this process. From the rock failure theory, the crack initiation phase begins when the 
axial stresses reach the 50% of the rock’s peak strength. Therefore, the discontinuum BBM is 
divided into three groups, each with different rock UCS values — 200 MPa, 100 MPa, and 50 
MPa. The fragmentation results are shown in Figures 13, 14, and 15. For rock UCS of 200 
MPa there is no part of the rock mass that has been detached and therefore, reduction of 
UCS is required to achieve rock fragmentation. On the other hand, when the rock UCS is 
dropped to 100 MPa, a small, fragmented area appears in the roof of the tunnel. The area in 
which fragmentation has taken place is expected, because it is near to the fault. The tensile 
stresses occurring in the vicinity of the fault tend to break the blocks and create the resulting 
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fragmentation area. Finally, for the BBM case with rock UCS of 50 MPa, there are more cal- 
culated fragmentation areas. The whole roof has been fragmented as well as a small area in 
the vicinity of the fault. 
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Figure 13. Calculated block fragments in the excavation phase of the discontinuum BBM, for rock 
UCS of 200 MPa, shown on a vertical cross-section. 
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Figure 14. Calculated block fragments in the excavation phase of the discontinuum BBM, for rock 
UCS of 100 MPa. Fragmented areas are marked with red color. 
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Figure 15. Calculated block fragments in the excavation phase of the discontinuum BBM, for rock 
UCS of 50 MPa. Fragmented areas are marked with red color. 
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4.3 Blocky rock mass model 


The fragmentation result for the BBM case is shown in Figure 16. There are in total 896 frag- 
ments, but these are related to the created geometry. The initial phase of this BBM shown that 
there are still 896 fragments. This indicates that there was not a fragmentation due to the exca- 
vation of the tunnel. Thus, for rock UCS of 50 MPa there was not rock mass fragmentation. 
The main reason for having such a stable model is mainly because of the input parameters. 
The material and contact properties where the same as those of the shearing model while the 
stresses were lowered because of the 30 m. depth assumption. Even though the rock mass is 
heavily fragmented, the structure of the joints in combination with the installed hybrid bolts 
and the input of material parameters create a stable result. 
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Figure 16. Calculated block fragments in the excavation phase of the discontinuum BBM, for rock 
UCS of 50 MPa. 


5 CONCLUSIONS 


Three cases were modelled using 3DEC — the laboratory rock bolt model, the shearing model, 
and the blocky model. 3DEC was able to simulate all three cases, successfully. The three cases 
consisted of several models, each one with different setup parameters. The laboratory rock bolt 
model validated the results of Hoek. The stabilization of the rock pieces as well as the forming of 
the compression zone were achieved when this equation was satisfied. The discontinuum BBM 
on the shearing case with intact rock UCS of 200 MPa did not produce any fragments while the 
discontinuum BBM with reduced rock strength (100 MPa and 50 MPa) resulted in rock mass 
fragmentation. However, the fragmented rock pieces did not detach from the rock mass as the 
displacement values were not high enough. The blocky rock mass model for rock UCS of 50 
MPa did not calculate any further fragmentations. The combination of strong material input 
properties, joint geometry and low initial stresses resulted in a stable structure. For the labora- 
tory rock bolt model, the hybrid bolts design was vital for producing correct results. 
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ABSTRACT: EKFB-JV will build the Cut and Cover ‘Green Tunnels’ (GTs) as part of the 
High Speed 2 C2 & C3. The design of the GTs was undertaken by ASC-JV. This Paper pre- 
sents the significant benefits of GTs, in terms of savings in cost, time, waste, reduced safety 
risk profile and improved sustainability. The design of GTs has a key objective to minimize 
the maintenance requirements over their total length of 6.6km. This type of construction 
was selected after a rigorous options assessment. It is efficient and innovative, as this is the 
first time that has been adopted in the UK for high-speed rail in high overburden (up to 
16m). The Paper discusses the benefits that this solution offers covering buildability through 
reduced complexity in interfaces with other operations and increased level of safety. Other 
environmental considerations related to construction activities are also presented and 
discussed. 


1 INTRODUCTION 


The Area Central (C2 C3) of the Phase 1 works of High Speed 2 (Figure 1) will be 
constructed by the Main Contractor consortium between Eiffage Genie Civil SA, Kier 
Infrastructure and Overseas Ltd (EKFB) with detailed design delivered by the joint 
venture between Arcadis, COWI and Setec (ASC). Area Central, includes the construc- 
tion of three cut and cover tunnels, referred to as Green Tunnels, which total 6.6km of 
the alignment and are located at Chipping Warden, Greatworth and Wendover (Cen- 
tral England). 

The structural form of the Green Tunnel lining developed through the scheme design 
phase comprises of a twin arch lining constructed from pre-cast concrete, of grade 
C50/60, segmental wall and roof units closed with an in-situ concrete base slab 
(Figure 2). The lining employs innovative loop-to-loop connections between the wall 
units and base slab and a seated pin joint connection between the arch roof and wall 
units. 

The following paper describes the innovative aspects of the precast arch solution (Figure 2) 
developed at scheme design for the Green Tunnels and the sustainability benefits realised by 
the precast arch solution, in comparison to the Employer's Reference Design (ERD) 
(Figure 3) 
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Figure 1. HS2 Phase 1 and green tunnel location plans. 
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Figure 2. Precast arch solution proposed for Green Tunnels comprised of pre-cast wall and roof and 
in-situ base slab. 


2 EVOLUTION OF PRECAST ARCH SOLUTION 


The ERD for the Green Tunnels consisted of a traditional cut and cover box structure com- 
prised of in-situ reinforced concrete walls and roof envisaged to be constructed within an open 
cutting (Figure 4). 

The advantages of the ERD included employing proven construction methodologies with 
few buildability issues. The design relies on proven methods for waterproofing and fire proof- 
ing of the permanent works for the tunnel. 

The disadvantages presented by the ERD solution were large volumes of reinforced con- 
crete required for the thick structural elements of the tunnel lining, long construction pro- 
gramme and high volume of construction activities on site for the delivery of the permanent 
works. 
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Figure 3. Cross section of employer’s reference design solution. 


Figure 4. Green tunnel employer reference design construction methodology. 


By contrast the twin arch solution put forward by EKFB during scheme design takes advan- 
tage of pre-cast construction methodology maximising off site manufacture of the tunnel struc- 
ture (Figure 5). The modular construction methodology drives an improved construction rate 
per linear metre of tunnel lining resulting in a significant reduction in planned construction pro- 
gramme for the Green Tunnels. The arch form of the lining allows for reduction in lining thick- 
ness and overall reduction in volume of reinforced concrete required to deliver the Green 
Tunnels. The concept has been successfully used by Eiffage construction to construct a single 
arch tunnel on the LGV high speed rail line between Brittany & Pays de la Loire (BPL). 

The options considered during scheme design were subject to a 'sifting' process, based on 
HS2's specified Route Development Procedure. The SIFT process included analyses and 
quantified comparison through scoring of each solution. 


e The sift process considered and compared a range of criteria for each option including: 
e Functionality, Employer's Requirements and Commitments; 

e Whole life cost; 

e Construction programme duration and resilience; 
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Figure 5. Installation of precast units to form arch prior to casting of in-situ base slab. 


e Buildability, precedence and logistics; 

e Design for safety, health, and well-being. 
e Sustainability and environmental impact; 
e Stakeholder engagement on options; 

e Design quality and vision. 


3 INNOVATIVE ASPECTS OF PRECAST ARCH SOLUTION 


The pre-cast twin arch solution employs novel structural connections between elements of the 
lining to minimise construction duration of a tunnel ring thus increasing efficiency in the con- 
struction of a tunnel. 

The arch roof section and supporting arch wall unit are connected by an articulated knuckle 
type joint, referred to as the pin joint (Figures 6 and 7), free to rotate with no discreet shear 
connection other than shear interface between the convex and concave concrete profiles of the 
joint. The form of the joint allows the roof units to be craned into place and sat on the arch 
wall section of the lining with no need to install shear keys or dowels to connect the units. 
This allows for a faster construction rate of individual rings for the green tunnel and reduces 
the planned construction programme for the tunnel lining. 

The stability of the arch is generated through development of compressive axial forces 
through the roof into the arch walls during the backfilling of the tunnel. The compacted backfill 
generates sufficient axial compression forces to provide stability to the connection even under 
rotations anticipated for all temporary and permanent construction and operational stages. 


3.1 Pin joint 


The design of the pin joint considers the development of stress concentrations due to different 
axial forces and rotations throughout the design life of the structure. The analyses of the joint 
capture the non-linear behaviour under different load stages throughout the backfilling 
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operation and during the long-term behaviour of the tunnel lining (Figure 8). The joint has 
been analysed under critical load combinations including EUREKA 170 fire curve. 


Figure 7. Pin joint geometry at connection between arch wall/central wall and arch roof. 
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Figure 8. Analytical and finite element analysis of structural behaviour at pin joint. 


3.2 Loop to loop connection 


A rigid moment connection is required between the foundation or footing of the pre-cast wall 
units and the cast in-situ base slab to resist combined bending, axial and shear actions. Appli- 
cation of a traditionally calculated lap length for a continuous reinforced concrete section 
would result in long lengths of exposed rebar protruding from the footing of the pre-cast arch 
wall. The lengths of rebar for lapping would make transporting and handling the arch wall 
units difficult and would be vulnerable to damage and require retrofitting. 

The alternative proposal for the Green Tunnel is a 'loop-to-loop' connection comprised of 
a u-shaped bar cast into the footing to lap the base slab reinforcement to (Figures 9 and 10). 
The U-bar shape is stiffer than single bars and hence less prone to damage during transporta- 
tion, handling and installation. The required lap lengths for the loop-to-loop connection and 
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the base slab have been calculated based on the predicted stresses and have been validated 
through physical testing on full depth beams. 


Figure 9. Isometric view of central wall footing with loop-to-loop connection rebar. 


Figure 10. Loop to loop reinforcement connection between precast wall and invert slab illustrated in red. 


The behaviour of the loop-to-loop connection has been studied and validated through physical 
full-scale testing to compare the connection to a monolithically cast reinforced beam joint. The 
testing demonstrated the loop-to-loop connection exhibited strain hardening behaviour with simi- 
lar force-deflection response to the steel bar reinforced beam for a wide strain range and retained 
its ductility up to failure. 


3.3 Fire testing 


The fire design has been facilitated by conducting an extensive physical fire testing (at CERIB 
Lab, France) which includes the testing of panels, pre-loaded flat slabs and half-length full 


954 


thickness pin-joint segments. The pin-joint test is important to validate the design analysis 
assumptions for structural stability during and after the fire event and to inform the optimal 
dosage of polypropylene fibres to be added to the concrete mix (Figure 11). 


Figure 11. Green tunnel pin-joint fire testing set up (CERIB). 


4 SUSTAINABILITY BENEFITS OF PRECAST ARCH SOLUTION 


Adoption of the pre-cast twin arch solution for the Green Tunnels realises environmental bene- 
fits through significant reductions in carbon and greenhouse gas emissions when compared to 
the ERD box solution. The main contributing factors for the reduction in carbon and emissions 
are reductions in volume of reinforced concrete for the Green Tunnel permanent works and sig- 
nificant reduction in concreting activities on site due to pre-cast nature of the arch structure. 

A design Life Cycle Assessment (LCA) (EKFB, 2020) was commissioned to quantify the 
reduction in carbon and emissions made during the Scheme Design stage of the project and 
measure against HS2 standards for carbon reduction and other environmental and sustainabil- 
ity indicators. 

The conclusions of the Scheme Design LCA are summarised in Table | for Greatworth, 
Chipping Warden and Wendover Green Tunnels. 


Table 1. Reduction in greenhouse gas emissions for green tunnels (EKFB, 2020). 


Greatworth Green Chipping Warden Green Wendover Green 


Tunnel Tunnel Tunnel 
Baseline tC0.e Product 132,102 171,106 85,549 
Emissions 
Scheme Design tC0e Product 116,006 104,524 70,925 
Emissions 
Reduction tC0ze Product -16,096 (12%) -66,582 (39%) -14,624 (17%) 


Emissions 


The overall reduction in emissions at Greatworth were less than those achieved for Chip- 
ping Warden. It was identified in the Scheme Design LCA the reason for this was the Great- 
worth Green Tunnel was increased in length by 600m during the Scheme Design replacing 
a deep cutting with an extended Green Tunnel. 
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A net reduction in emissions was at Greatworth due to the savings made per linear metre of 
Green Tunnel despite the increased length for the pre-cast twin arch solution and furthermore, 
the long-term environmental impact of the scheme will be reduced through re-instatement of 
existing ground above the tunnel which was designated as a deep cutting in the ERD. 

The adoption of the pre-cast arch solution improves the planned efficiency on site for the 
construction of the green tunnel as a greater length of tunnel can be constructed each working 
month. Adopting the modular pre-cast construction methodology for the twin arch solution 
significantly reduces the predicted demand for operative hours and increases the planned 
installation rate of the tunnel when compared to the cast in-situ slip formed construction 
methodology considered for the ERD. 

Table 2 compares the predicted construction durations and operative hour demand on site 
for the ERD versus the twin arch solution adopted at scheme design and presents the improve- 
ments realised by adopting the pre-cast construction methodology. 


Table 2. ERD vs Scheme design construction duration and operative demand on site. 


Precast Arch Cast In-situ Box 

Solution Solution Difference 
Predicted Linear metres per month (typical 60 100 67% increase 
rate) 
Number of operatives per works front 70 15 71% reduction 
Operative hours on site 364,583 46,875 87% reduction 


The reduction in site work activities will yield environmental benefits to the local commu- 
nity during the site works through an overall reduction to planned construction stage on site 
and conversely, less disruption and nuisance. 


5 TECHNICAL CHALLENGES FOR DETAILED DESIGN & FUTURE AREAS OF 
INVESTIGATION 


5.1 Structural connection testing 


The novel connections of the twin arch solution at the pin joint and loop-to-loop will be sub- 
ject to testing during the detailed design stage to validate the behaviour of the connections as 
considered at scheme design under loading and fire loading. 

The behaviour of the structural joints, critical to the structural behaviour of the tunnel 
lining, are governed the geometry of the joint hence tolerances for the construction of the 
tunnel must be controlled to high degree of accuracy, similar to a segmental bored tunnel. 


5.2 Construction tolerances 


Control of tolerances to the required degree of accuracy are likely to be difficult to manage 
for the proposed construction methods hence a challenge of the detailed design will be to 
assess and specify allowable tolerances for all critical construction activities including the 
manufacture of pre-cast elements, construction of foundation & placement of backfill. 


5.3 Ground heave pressures 


A major risk to the Greatworth & Chipping Warden tunnels is heave pressure, caused by the 
excavation of the over-consolidated clay soils, acting on the base of the arch. The magnitude 
of the heave pressure and the rate at which heave would manifest during construction and 
into the long term are difficult to quantify with certainty. Significant ground investigation has 
been undertaken and will be used to inform sensitivity analysis via finite element analysis of 
the effect of heave on the structure. 
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5.4 Stability during backfilling 


The twin arch structural solution is most vulnerable during the backfilling of the tunnel, prior 
to development of axial force through the arch and pin joint, and careful consideration is 
required for the design of the lining and backfill for this temporary case and moreover strict 
controls must be implemented in the field to avoid uneven loading of the arch. 

A high-profile tunnel collapse occurred at the Gerard's Cross tunnel, which employed 
a similar pinned arch structure with the joint in the crown of the arch during the backfilling 
stage of construction. The exact trigger of the collapse has not been widely reported due to an 
ongoing Health and Safety Executive investigation however it is anticipated that sequence of 
backfill placement contributed to triggering the collapse. 

The temporary design case for the Green Tunnels considers backfill to placed evenly on 
each side of the tunnel lining with a tolerance of +/- 125mm or maximum 250mm imbalance 
of backfill level. Layers of backfill will be placed evenly across the width of the temporary 
excavation with controlled zones identified on the design drawings for allowable plant sur- 
charges and spoil tipping. 

The proposal to manage the strict control on backfilling on site is to adopt tunnelling prac- 
tices used in for the construction of sprayed concrete lined (SCL) mined tunnels, well devel- 
oped in the past 20 years on major projects in the UK, such as daily Shift Review Group 
(SRG) meetings to review and analyse monitoring data and to issue Record of Excavation 
Support Sheet (RESS) for the laying and compacting of the next layers of backfill. Monitoring 
of both the ground and the structure will be used to review the response of the tunnel lining to 
the backfilling operation and compare with predicted behaviour. 

The application of the tunnelling practices for an open cut and cover tunnel construction 
will serve as an area of future investigation during the construction period once the practice 
has been established on site. 


6 SUMMARY 


The scheme design proposal for the Green Tunnels on Area Central of the Phase 1 works of 
High Speed 2 was a segmental twin arch structure comprised of modular pre-cast reinforced 
concrete units. The solution adopts innovative structural connections to verified and validated 
through testing during detailed design and the pre-cast nature of the solution yields sustainabil- 
ity benefits when compared with the Employer's Reference Design which was a typical cut and 
cover tunnel form comprised of thick cast in-situ elements and limited pre-cast elements: 


¢ Significant reduction in overall reinforced concrete volume required for permanent tunnel 
lining. 

° Increased efficiency in terms of advance rate of tunnel lining per month of construction. 

e Reduction in operative demand in numbers and hours on site. 

e Predicted 25% reduction in greenhouse gas emissions for Greatworth, Chipping Warden 
and Wendover Green Tunnel construction when compared to ERD. 
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ABSTRACT: The focus of this study is to identify and understand the behavior of the designed 
pillars and rock reinforcement in hard rock. The analysis is based on the observations during con- 
struction of the new underground bus terminal Slussen, blasted underneath the Katarina Moun- 
tain, in the City of Stockholm. A two-dimensional, linear elastic-plastic, finite element model 
(RS2) is created, and numerical analysis was conducted to investigate the stress concentration in 
the pillars, yield zones and maximal reduction of the pillar area to retain pillar stability. 


1 INTRODUCTION 


The Slussenomradet, i.e., the Slussen district is an area of central Stockholm, on the Söder- 
ström river. The Slussen district has risen around a channel and sluice gate complex that has 
served as a connection between Lake Mälaren and the Baltic Sea since the mid-1600s. Today, 
this area is one of Stockholm’s busiest and most important parts for traffic and public trans- 
portation, connecting Södermalm, and Gamla stan. 

In 2018, the City of Stockholm (Stockholms stadsbyggnadskontor, 2011) started to build 
a new underground bus station (terminal) inside the bedrock of Katarinaberget. The new bus 
station is planned to form the heart of public transport between central Stockholm and Nacka 
and Värmdö. The station consists of three rock chambers with a height of up to 24 meters, 
which will provide waiting areas for passengers and bus platforms. For its construction, 
270,000 m? of rock was planned to be blasted inside the hill and then removed. 

This project confirmed that the Swedish tunneling technology reached a high level of devel- 
opment a long time ago, however, there are many constraints to the construction of complex 
tunnel conditions in urban areas, and a lot of technical development is always needed. 

Usually, constraints of the tunneling in hard rocks are over-breaks and blast-induced damage 
to the rock. These occurrences frequently result in a reduced spacing of tunnels and reduced 
pillar areas. In the new bus station project, the developed pillar overbreak based on laser profil- 
ing resulted in a pillar size reduction of 20.10 to 32,1 m2, i.e., an area reduction of 21 to 35%. 

The problems of reduced pillar areas and understanding the behavior of the designed pillars 
and rock reinforcement caused by over-breaks and blast damage are investigated in this study. 


2 GEOLOGY AND ROCK MASS CONDITIONS 


2.1 Geology 


The Katarinaberget comprises very old rocks created in the Precambrian era (1.92-1.87 billion 
years ago). The rock mass is dominated by well-consolidated gneiss deposits (Samuelsson, 
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2011). The origin of the rock is granite that formed gneiss by ultra-metamorphism through 
plastic deformation hence gneiss and gneiss-granite are streaked by vein rocks, mostly by peg- 
matites, and diabase. These vein rocks are melted, twisted, and hard-pressed into gneiss- 
granite rocks. The rock also contains fragments of gneiss-granite, granite, and pegmatite. 

The rock mass is grey with highly variable grain size. It has a high degree of crystallinity 
and a degree of metamorphism. The rock is with laminar structure and contains coarsely crys- 
talline veins and bands of plagioclase, quartz, and feldspar, as well as biotite, mica, feldspar, 
and hornblende. 

A very thin coating of chlorite, calcite, epidote, iron oxide, and graphite occurs on the joint walls. 


2.2 Rock mass conditions 


The rock mass within the bus terminal is generally massive to moderate jointed (Evans 2017). 
In 75% of the area, the rock mass is good to very good, see Figure 1. The RMR 7 values (Bien- 
iawski 1976) are estimated to be more than 65. On the other 30 % of the area, the rock mass is 
fair to good. Here, the RMR- values are estimated to range from 36 to 65, and the average of 
RMR76=58. The joints within the rock mass (RMR7. > 65) are largely undulating, smooth to 
slightly rough, and with unaltered or slightly altered surfaces. The joints are not filled in most 
cases. However, they are often oxidized or coated with calcite and chlorite. Such rock mass 
contains few to no water-bearing joints. In jointed and blocky rock mass (36 < RMR7. <65), 
there are joints of low frictional resistance. Such joints are planar to undulating, with slicken- 
side or smooth surfaces. Surfaces of such joints are locally filled with chloride and occasion- 
ally with clay. Some of these joints are water-bearing. In jointed and blocky rock mass, 10% 
to 50% of the rock is expected to be in poor to fair rock conditions (36s;RMR7.¢ < 50). 

The results obtained from analyzing data of mapped joints disclosed that less than 50% of 
all joints in the area have smooth or planar surfaces, and only 5% of these joints, have both 
smooth and planar surfaces in combination with moderate to strong joint alteration. The 
most unfavorable joints are dipping between 40 and 50°. The results also showed that half of 
the joints with unfavorable dipping are coated with chlorite or calcite. 


Figure 1. The layout of the underground bus station with the rock mass conditions. 
3 > NUMERICAL ANALYSIS OF HARD ROCK PILLARS 


In this study, a 2D FEM model of the hard rock pillars was created using RS2 (Rocscience 
2020), as shown in Figure 2. RS2 model is created to investigate the rock reinforcement behav- 
ior and stability of the rock mass due to the possible over-break and blast damage. The inves- 
tigation is made for different rock ground conditions. 

The following steps are used to set up the model and obtain numerical analysis results: 


1) create the model geometry, 
2) setup the mesh, discretizing the domain, and select the constitutive equation (rock behavior 
model), 
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3) set the boundary conditions and the stresses, 
4) input the basic parameters of the limited constitutive equation, and 
5) run the simulation and obtain the numerical result. 


3.1 Calculation model in RS2 


A typical geometry model of a rock pillar is shown in Figure 2. The middle pillar of the under- 
ground bus station is used as a reference. The model, 95 m wide and 85 m high, was created to 
minimize boundary effects. A graded 6-node triangular mesh has been used. A gradation factor 
of 0.1 and 90 external nodes is used. A denser mesh was adopted above and below the pillars. 
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Figure 2. Geometry model of the pillars in the FEM analysis. 


The external boundary represents the project topography. Boundaries in the model are fixed in 
both x- and y- directions at the bottom corners. The upper boundary follows ground topography 
without any restrictions in any direction. The lower boundary is restricted in the vertical direction 
(y-direction), and side boundaries are restricted in the horizontal direction (x-direction). 


3.2 Induced stress and RS2 simulations 


The exact stresses in the pillars cannot be computed from the 2D analysis (plane strain condi- 
tions). The 3D analysis should be used to account for the size of the tunnels and pillars, the 
interaction of adjacent tunnels, the initial stress state, and the influence of the excavation 
sequences. However, the 3D analysis is time-consuming, so simplifications by using 2D ana- 
lysis are widely used. Plane strain analysis assumes that pillars are infinitely long. Therefore, it 
is possible to simulate only long pillars but no square ones. 

In the design stage of the underground bus station, 3D stress analyses in FLAC 3D (Itasca 
2013) were made. Herein, the procedure to create an equivalent FEM model is used. This is done 
by modeling the initial vertical load (p) on the ground surface. The current value of the vertical 
load (p) is re-calculated so that the average maximum principal stresses (a7) in the middle pillars 
coincide with the stresses calculated by the 3D analysis and the associated design pillar area (Ap). 

It is assumed that average compressive stress is increasing, analogous to the tributary area 
theory (Salamon & Munro 1967), to account for the increase of the average compressive stress 
in the pillar due to the overbreak (pillar area reduction). The average compressive stress in the 
pillar is calculated according to equation (1): 
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where wo; and w,; are the opening and pillar width. 

In this way, the compressive stresses increase acting in the pillar, i.e., vertical load (p) due to 
pillar area reduction (44A) is estimated, see Figure 3. 
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Figure 3. Average stress increase (0,//o,,) in the pillars due to decree a of the pillar area (4A). 


The numerical FEM analysis includes 6 phases. In the first phase, initial stress conditions are 
simulated. Phases 2 to 5 are simulating the excavations of each parallel tunnel. In the end, in 
phase 6, the stresses are simulated to be identical to the analysis in FLAC3D. The area decrease 
of the middle pillar is done by reducing the pillar width by 0.5 m on each side. The RS2 simula- 
tions are made for the pillar area decreased by 0%, 10%, 16%, 20%, and 28%. 

Both elastic and plastic analyses were completed. Gravity stress field and staged analysis 
are applied. The elastic analysis is made to obtain a degree of overstress in the pillars due to 
area reduction. The plastic analysis is made to find the yielding zone and to confirm that 
applied rock reinforcement is satisfactory. These analyses included both unsupported and sup- 
ported cases of the middle pillar. 


3.3 Setting of input parameters 


The Hoek—Brown failure criterion (Hoek & Brown 1980) has been used to determine the rock 
mass properties in the analysis. Rock mass properties such as Hoek—Brown constants, uniaxial 
compressive strength (Cem), uniaxial tensile strength (¢,,,), deformation modulus (E,m), and 
shear strength parameters ((i.e. mp, $, a) were back-calculated using the lithology of the rock, 
mapped data of rock mass and joint mapping during construction. These rock mass properties 
were back-calculated using empirical equations based on RMR7 and GSI. 

Two diverse ground conditions were considered in the analysis. In the first case, the moder- 
ate massive and moderate jointed rock mass is assumed (rock class B), where RMR7. ranges 
from 50 to 65. In the second case, the jointed and blocky rock mass is assumed (rock class C), 
where RMR 7 ranges from 36 to 50. The calculated Hoek—Brown constants for both rock 
classes are presented in Tables | and 2. 

Rock reinforcement - rock bolting and shotcrete are modeled as elastic materials, Table 3. 

In massive and moderate jointed rock mass (rock class B, 50<RMR36< 65), the rock bolts 
are installed at a c/c distance of 1.50 m, with a length of L = 5.0 m. The shotcrete thickness is 
t= 115 mm. 

In jointed and blocky rock mass (rock class C, 36<RMR76< 50), the rock bolts are installed 
at a c/c distance of 1.25 m, with a length of L = 5.0 m. The shotcrete thickness is t = 250 mm. 
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Table 1. Hoek-Brown properties of massive and moderate jointed rock mass, rock class B (50<RMR7.6 
< 65). 


Input data Hoek-Brown constants and rock mass properties 
y Oci mi GSI D MpiMp, r sls, ala, Em v 
kN/m? MPa - - - - - - MPa 


27 180 25 50 0 4.19/2.72 0.0039/0.0002 0.506 6200 0.30 


Table 2. Hoek-Brown properties of jointed and blocky rock mass, rock class C (36sRMR7¢ < 50). 


Input data Hoek-Brown constants and rock mass properties 
y Oci m;i GSI D M/M, r sls, ala, Em v 
kN/m? MPa - - - - - - MPa 


27 180 25 40 0 2.93/1.47 0.0013/0.00005 0.511 3500 0.30 


Table 3. Mechanical properties of a rock reinforcement system - rock bolts and shotcrete. 


y Oe O, d E, Ve 
Element Material Model kN/m? MPa MPa mm MPa - 
Shotcrete t=115 mm Elastic 23 32 2.0 115 16,000 0.15 
Shotcrete t=250 mm Elastic 23 32 2.0 250 16,000 0.15 


Rock bolts 025 mm Elastic 78 - 500 25 210,000 0.30 


where o, and g, are the compressive and tensile strength of shotcrete, respectively; d is shot- 
crete thickness or bolt diameter; E, is the deformation modulus of shotcrete or bolts; v, is the 
Poisson coefficient for shotcrete or bolts 


4 RESULTS 


4.1 Acceptability criteria for rock pillar area reduction 


To assess the behavior of typical rock reinforcement due to pillar area decrease, the numerical 
analysis focused on the interpretation of the strength factor, yielding zone results around the 
pillars, and the load-bearing capacity of the pillar’s rock reinforcement. 

The strength factor (SF) is adopted for that purpose. The strength factor is estimated as the 
ratio of the available rock mass strength to the induced stress SF = Smax/S. 

Elastic and plastic behavior of rock mass was considered in each analysis, and then, relevant 
strength factor (SF) values were gained, elastic (SFaastic) and plastic (SF pjastic). The following 
strength factor (SF) is used to define the state of the pillar: 


— Failure stage, for the SF < 1.0 
— Critical stage, for the 1.0 < SF < 1.6, and 
— Stable stage, for the SF > 1.6 


Equally, to assess the load-bearing capacity of the rock reinforcement, the classical design 
approach in rock engineering is completed by inspecting the factor of safety (FS). The factor 
of safety (FS) is the ratio between the capacity (ultimate strength) of the rock reinforcement 
and the actual working stress (or disturbing force). 


4.2 Massive to moderate jointed rock mass (rock class B, 5|0<RMR76< 65) 


RS2 elastic and plastic results showing strength factor (SF) around pillars are given in Fig- 
ures 4 -5. It can be observed that pillar stress is high on the centers and bottom of the pillars 
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and decreases, drifting away from the centers to the edge of the pillars. There is the highest 
confinement at the centre of the pillar, and also the highest strength. This is reflected by the 
peak and minimum strength factors. The peak strength factors are located at the pillar centres, 
and gradually decrease to minimum values towards the edge of the pillars. 


wage 


Figure 4. SF contours in RS2 elastic analysis of pillar due to decrease of the pillar area (44). 
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Figure 5. SF contours in RS2 plastic analysis of pillar due to decrease of the pillar area (44). 


The strength factors (SF) in the pillar rock mass related to the pillar area and typical rock 
reinforcement, in the case of elastic and plastic analysis, are presented in Table 4. There is no 
global collapse in the rock mass up to 20% of the area reduction. Nevertheless, if the pillar 
area is reduced by more than 20 %, the average strength factor values (SF) are rapidly 
approaching critical values. However, improvement of the strength factor (SF) in the pillar 
rock mass is made after systematically rock-bolting and shotcreting. 


Table 4. Calculated strength factors in the pillars due to decrease of the pillar area. 


Strength factor (SF) Yielding depth 

Elastic analysis Plastic analysis Plastic analysis 
Decrease of the pillar ° rock no rock rock no rock rock 
area AA [%] support support support support support 
0 1.70 1.70 1.94 1.12 0.3 
10 1.63 1.60 1.97 1.10 0.20 
16 1.57 1.44 1.65 0.79 0.25 
20 1.45 1.42 1.48 0.50 0.19 
28 1.37 1.17 1.47 1.82 0.20 


The yielding depth around the pillars ranges from 1.12 m to 1.82 m on each side in the case 
of plastic analysis without rock reinforcement. In the case of plastic analysis after installation 
of the rock reinforcement, the yielding depth around the pillars is reduced and ranges from 
0.19m to 0.30 m. 

Results of the numerical analysis for the load capacity of the rock pillar reinforcement are 
presented in Figure 6. Results confirm that a typical pillar reinforcement class can tolerate 
pillar area reduction (4A) due to over-break or blast damage up to 20% (Fs>1.4). If the pillar 
area is reduced by more than 20 %, the rock reinforcement system is surpassing the safety 
margin, i.e. surpassing the load-bearing capacity. 
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Figure 6. Rock reinforcement capacity limit curves of pillar due to decrease area (4A). 


4.3 Jointed and blocky rock mass (Rock class C, 36<RMR76 < 50) 


RS2 elastic and plastic results showing strength factor (SF) around pillars are given in Figures 7-8. 
Similar strength factor (SF) tendencies are experienced compared to the analysis of the massive to 
moderate jointed rock mass (rock class B, 5|0<RMR~7¢< 65). Pillar stresses are high on the centres 
and bottom of the pillars and decrease drifting away from centers to the edge of the pillars. Simi- 
lar tendencies are valid for confinement stresses and strength factors in pillars. 


BE x 


Figure 7. SF contours in RS2 elastic analysis of pillar due to decrease of the pillar area (44). 
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Figure 8. SF contours in RS2 plastic analysis of pillar due to decrease of the pillar area (4A). 


It can be seen from Table 5 that the average strength factor (SF) in the pillar rock mass 
related to the pillar area is also decreasing. It is estimated that there is no global collapse in 
the rock mass up to 20-24% of the area reduction. Once the pillar area is reduced by more 
than 20-24 %, the average strength factor values (SF) rapidly approach undesirable values. 
After the rock reinforcement (shotcrete and rock bolts) installation in the pillars, there is an 
improvement in the strength factors (SF) of the rock mass. 

The yielding depth around the pillars ranges from 0.80 m to 1.39 m on each side in the case of 
plastic analysis without rock reinforcement. In the case of plastic analysis after installation of 
the rock reinforcement, the yielding depth around the pillars is reduced and ranges from 
0.28 m to 0.46 m. 

Results of the numerical analysis for the load capacity of the rock pillar reinforcement are pre- 
sented in Figure 9. Based on the results, it is estimated that a typical pillar reinforcement class can 
tolerate pillar area reduction (4A) due to over-break or blast damage up to 20-24%. If the pillar 
area is reduced by more than 20-24 %, the rock reinforcement system surpasses the safety margin. 
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Table 5. Calculated strength factors in the pillars due to the decrease of the pillar area. 


Strength factor (SF) Yielding depth 
Elastic analysis Plastic analysis Plastic analysis 
Decrease of the pillar ° rock no rock rock no rock rock 
area AA [%] support support support support support 
0 1.62 1.62 1.79 1.30 0.46 
10 1.56 1.45 1.78 1.39 0.40 
20 1.49 1.39 1.68 1.20 0.28 
28 1.41 1.30 1.63 0.80 0.46 
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Figure 9. Rock reinforcement capacity limit curves of pillar due to decrease area (4A). 


5 CONCLUSION 


This paper presents a study to evaluate pillar stability by investigating the stress concentra- 
tions, depth of yield zones, and allowable reduction of the pillar area to retain pillar stability. 
The study is done by gradually decreasing the pillar area by up to 28%. 

The results reveal that the strength factor (SF) decreases when drifting away from the centres 
to the edge of the pillars. In the centre of the pillars is the highest stress confinement and hence 
the highest strength. 

In the case of massive to moderate jointed rock mass, typical pillar reinforcement retains 
pillar stability up to 20% of the pillar area reduction (4A) due to over-break or blast. 

In the case of jointed and blocky rock mass, typical pillar reinforcement retains pillar stabil- 
ity up to 20-24% of the pillar area reduction (AA) due to over-break or blast. 

If the pillar area is reduced by more than 20 %, in the case of massive to moderate jointed 
rock mass, and by more than 20-24%, in jointed to blocky rock mass, the rock reinforcement 
system must be strengthened. 
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ABSTRACT: Measurements and analyses in the last decades have confirmed the critical 
increase of greenhouse gas emissions and global average temperature, and consequently the ten- 
dency for irreversible climate disruption. At the moment, very intensified efforts are devoted at 
European and International levels toward stabilising this phenomenon, moreover with tight 
target timelines, which is translated to strict measures of reducing CO2 or equivalent emissions 
in every human activity. The civil — and among them the tunnelling — construction sector con- 
tributes to at least 37%. In order to include this important issue, a newly introduced scheme for 
the assessment of climate compatibility is proposed analogous to the limit states of load-bearing 
capacity and serviceability. This describes the equivalent CO2 input to achieve a certain load- 
bearing capacity and considers also the service life. The emission impact over the service life is 
compared to a limit value derived from climate research and relevant regulations. Therefore, 
advanced analysis techniques using non-linear finite element calculations and non-elastic design 
and optimized structural design can vastly contribute to reducing material consumption and 
facilitating resource-efficient construction layouts. The fundamentals of the newly proposed cli- 
mate-oriented assessment concept will be presented and a case study on a numerical simulation 
and pre-design of a realistic tunnel structure is used to exemplify the implementation of this con- 
cept and its significance for an ecologically responsible future tunnelling industry. 


1 INTRODUCTION 


1.1 The aftermath of COP27 and the status of the construction industry 


The inception of this article coincides with the conclusion of the 2022 United Nations Climate 
Change Conference (Conference of the Parties) COP27 in Sharm El Sheikh, Egypt. After a series 
of such conferences with increasing popularity as well as intensity of political, industrial and sci- 
entific interactions, the role of construction on climate change has drawn particular attention 
this year. Although investments to reduce emissions in the construction sector have increased 
substantially (reference can be made to “Building-to-COP Coalition” sessions, the introduction 
of a new sector dedicated to the cement and concrete industries to the “First Movers Coalition”, 
and the record 245 bil. USD being now committed by construction companies to the “Race to 
Zero” campaign), it was indicated that the emissions and energy demand related to construction 
have exceeded the latest pre-pandemic maxima, whilst a significant realisation was that the 1.5 °C 
global warming threshold of the Paris climate agreement is no longer achievable within the 
21st century. This places higher expectations on the construction sector, which — accounting 
only for construction-related emissions Al-A5 per EN 15978 (CEN, 2012) — carries approxi- 
mately 13% of annual global emissions in terms of energy consumption and more than 20% in 
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terms of construction material (mainly concrete and steel) production (GlobalABC, 2021). Tun- 
nelling is a steeply increasing sector, with intensive energy and reinforced concrete consumption, 
and — although it leads to overall environmentally beneficial solutions for many types of infra- 
structure — it is a major contributor to greenhouse gas emissions. 


1.2 The newly proposed Climate Limit State for the structural design codes 


The environmental sustainability in construction can be assessed based on the European 
standard EN 15978 (CEN, 2012), and it is determined separately for operation and construc- 
tion phases and at different asset life cycle stages (modules). Climate impact can be accord- 
ingly measured as CO2 equivalents mass (kg CO2-eq)- also referred to as “Global Warming 
Potential” (GWP). Although significant progress has been made in measuring and reducing 
the emissions of construction products and materials by implementing alternative constituents 
as well as alternative energy sources for production, the application of overall climate-efficient 
design concepts is still sporadic and inefficient with respect to the societal demands as these 
are expressed in governance objectives. In order to deliver transparent and measurable rating 
of ecological requirements in design, a new limit state termed “Climate Limit State (CLS)” 
has been proposed by Haist et al. (2022a, 2022b) for inclusion in structural design codes and 
standards, as a complement to ULS, SLS and service life requirements, with a strong involve- 
ment of design engineers. The proposed CLS considers the CO2-eq emissions resulting from 
construction but also the service life of the structure in an amortisation timeframe for emis- 
sions. The limit state is expressed as a proportion of whole-life emissions to a reference struc- 
ture without emission mitigation measures and factors in the allowable emission thresholds as 
required to decelerate or reverse global warming (Haist et al. 2022b). The CLC at a structural 
component level is formally represented by Equation (1) (see also Haist et al. (2022a, 2022b)). 


GWPeco,om Vawe, ecofty Sota 
GWP, 


CLSpm = < OGwPp (1) 


ref bm fig, design,bm 


where: 

CLSpm: Climate Limit State Index for building members (bm) 

GWP; bm: Global Warming Potential of the building member (bm), in kg of CO2-eq, with 
i = eco or ref for ecologically optimised or reference member respectively 

tsLi,bm: Service life (sl) of the building member (bm), in years, with i as above 

YGwP.eco: Partial safety factor, accounting for uncertainties of the environmental impact 

agwpr: target value of the year-specific GWP reduction to achieve climate goals 


1.3 Status in tunnelling and proposed study 


In the last years, large tunnel projects worldwide have invested significant efforts and resources 
to reduce the environmental impact of construction works (e.g. by optimised logistics, exploit- 
ation of excavation spoil or environmentally advantageous depositions, shorter alignments, life- 
cycle concepts), but only limited studies have been tied with the reduction of the climate impact 
of concrete tunnel linings. Research and selected applications in this direction are clearly intensi- 
fied in the last few years as presented and discussed comprehensively in (OEBV/Bergmeister, 
2022). Today’s status in underground construction strongly advocates the need to reduce the 
GWP of materials related to the permanent and temporary tunnel support, particularly at the 
Al1-A3 stages, i.e. the raw resource supply and transport and its processing to construction 
material production. But apart from this, it is possible to optimise the design cross sections and 
hence used volumes of the materials by utilising their given structural properties more efficiently. 

This study focuses on the benefits of utilising non-linear analysis methods for the constitu- 
tive laws of concrete linings in finite element (FE) analyses and compares those to identical 
linear-elastic concrete material modelling. Such analysis and design approaches have been per- 
formed in the past: example references of non-linear concrete analyses are shown in Spyridis 
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et al. (2013), Nasekhian & Spyridis (2017). Herein, plane-strain analyses with soil-structure 
interaction, with linear-elastic and elastic-plastic concrete for both the primary and secondary 
lining are carried out for a realistic tunnel cross-section. The design outcome is compared 
based on the A1-A3 life cycle stage GWP (CO2-eq emissions), and the numerator of the Cli- 
mate Limit State of Equation (1) in particular. The results enhance the argument that 
advanced analysis methods, can allow a significant reduction of the linings’ climate impact, 
and hence the overall impact of tunnel projects. 


2 CASE STUDY OVERVIEW, MODEL SET-UP AND ANALYSES INPUT 


The tunnel structure selected for the comparative analyses is a mined, non-circular, closed shell 
in soft ground. The dimensions of the excavation are approx.13.5 by 10.0 m (width/height). 
The crown and water table depths are assumed at 25 m and 4 m from the surface respectively 
and the soil layers are: Made ground (0 - 7 m); Clay type 1 (7 - 38 m); Clay type 2 (38 - 46 m) — 
see also Figure 1. The primary and secondary linings are assumed to be sprayed and cast con- 
crete respectively, without considering load sharing, i.e. neglecting the primary lining once the 
secondary lining is in place. The service life spans are accordingly assumed at ty prim = 1 year 
and tg) seca = 120 years. The volumes and calculated total GWP for each solution are calculated 
based on the required material quantities per the design. An invert or ceiling structure, which 
can typically improve the secondary lining load situation, is not accounted. 

The numerical models implemented non-linear Mohr-Coulomb plasticity with a mesh of 
5430 3-noded triangular solid material elements and 650 Timoshenko-beam elements to model 
the ground and the liners respectively. The analysis is performed in a plane-strain two- 
dimensional model implementing the Rocscience FEM software. The analysis procedure 
includes a total stress, undrained state in the temporary condition (i.e. soil is considered to be 
watertight due to the unloading compaction of clays) and then a switch to effective stress 
drained/pore water pressure state for the long-term. To simulate the face advance stress relief 
and 3D arching effects during excavation, a 50 % relaxation employing the stiffness reduction 
method is implemented (Pöttler 1990). The analysis steps are summarised below: 


1) In situ stress — nullified deformation equilibrium 

2) Softening at the excavation area/simulated relaxation 

3) Excavation (removal of cross-section soil elements) and installation of primary lining. 
4) Installation of secondary lining 

5) Application of porewater pressure 

6) Switching to long-term drained parameters 

7) Degradation (removal) of primary lining, i.e. long-term situation of secondary lining 


Figure 1. Overview of the plane-strain FE model. 
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The used geotechnical parameters are presented in Table 1 below. The effective horizontal/ 
vertical stress ratio is set to Kg = 0.7. These properties are chosen in coherence with previous 
project case studies, described in (Spyridis & Bergmeister, 2014). 


Table 1. Input parameters for the FE model. 
SOIL PROPERTIES Made ground Clay 1 Clay 2 


Undr. Young’s modulus [MPa] 10 100 200 
Drained Young’s modulus [MPa] n/a 75 150 
Undr. Poisson’s ratio [-] 0.20 0.45 0.45 
Drained Poisson’s ratio [-] n/a 0.20 0.2 
Undr .Friction Angle [°] n/a ~0 ~0 
Drained Friction Angle [°] n/a 25 25 
Undr. Shear Strength [kPa] n/a 100 200 
Cohesion [kPa] n/a 15 15 
Unit Weight [kN/m°] 20 20 20 


For both (primary/secondary) linings, the assumed thickness in the model is 300 mm each; 
although the design dictates some adjustment for the lining thicknesses, these are not re-iterated in 
the model as a simplification. The primary lining stiffness is assumed at 15 GPa to simulate the 
gradual simultaneous soil convergence and lining stiffness development (Pöttler, 1990), but the 
secondary lining stiffness is set to 30 GPa. The linings are analysed as fully linear elastic materials 
or as elasto-plastic materials. Elastic liners are designed as plain unreinforced concrete or as con- 
crete with a B500 rebar mesh of (i) @10/100 mm for the primary lining or (ii) ©16/100 mm for the 
secondary lining. Plastic liners follow the same rebar reinforcement layout but the use of this con- 
stitutive concept rests on the requirement that the liners without rebar are fibre-reinforced to pro- 
vide the necessary ductility and robustness. The plastification limit in the analyses is set to 0.25 
MPa and a crack depth at 2/3 of the cross-section, but additional strength reserves are chosen for 
the design. A steel fibre reinforced concrete (SFRC) of performance class 2a according to the new 
Eurocode 2 draft (CEN 2021) is used, with a 35 MPa compressive strength and a dosage of 20 kg/ 
m° wire fibres with a tensile strength of approx. 1000 MPa. Only dead loads are assumed for the 
design, as obtained by the soil structure interaction in the FE model. The material safety factors 
for steel and concrete (also for SFRC) are ys = 1.15 and ye = 1.50 respectively. Adjusted load par- 
tial safety factors are used, namely Ygnor-term= 1.10 and Yjong-term= 1.50 based on a total/nominal 
safety factor as per Spyridis (2013). 

The GWP of the materials is calculated based on the weights of the constituents and pub- 
lished data (retrieved from Haist et al. (2022a) and online environmental declarations). For 
both sprayed and cast concrete the assumed cement type is Portland CEM I 42.5 R. For 
sprayed concrete, the proposed mix is derived from recipes in Ikumi et al. (2022), but both 
sprayed and cast mixes are deliberately selected with very similar mixes. The details are listed 
in Table 2 below. Based on these data, the following aggregate GWP values for the Al-A3 
modules are calculated (note that the rebar quota is independent of the lining thickness): 


Primary lining (Total perimeter: 37.5 m): Concrete (sprayed) 391 kg CO2-eq/m? 
Fibres 16 kg CO2-eq/m?* 
Bar reinforcement 10 kg CO2-eq/m? 

Secondary lining (Total perimeter: 35.5 m): Concrete (cast in situ) 405 kg CO2-eq/m* 
Fibres 16 kg CO2-eq/m?* 
Bar reinforcement 25 kg CO2-eq/m? 
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Table 2. Concrete lining constituent materials; mass per concrete volumes and Al-A3 GWP per mass. 


Sprayed concrete Cast in situ concrete GWP 


Primary linings Secondary lining (Haist et al. 2022, online EPD) 
[kg/m] (kg/m? [kg CO2-eq/kg] 
Cement (CEM I 42.5 R) 450 500 0.81 
Aggregates 0/4 1200 800 < 0.01 
Aggregates 4/8 650 550 < 0.01 
Aggregates 8/16 - 450 < 0.01 
Water 200 200 < 0.01 
Superplasticizer 4 - 1.88 
Accelerators 8 - 2.28 
Air-entrainer 2 - 0.53 
Steel fibres 20 20 0.80 
Bar reinforcement B500 24.6 [kg/m?] 63.1 [kg/m?] 0.4 


3 RESULTS 


The main focus for the results of the analyses is on the combination of normal forces and 
bending moments along the lining. Surface displacements at excavation, which is often 
a critical design factor are also calculated and presented based on the soil-structure interaction 
FE model in Figure 2, indicating that the different lining modelling approach negligibly 
altered the surface and overall soil deformation performance. A typical design practice for 
tunnel linings observes the applicable structural design codes and assumes that the linings 
behave as linear flexural elements with a compression component. Given the fact that tunnel 
linings have a uniform thickness and reinforcement quantities, the design loads resulting from 
the analyses are compared against the structural capacity envelope of the lining which is repre- 
sented in the form of interaction diagrams (hoop thrust against bending moment), also termed 
Capacity Limit Curves (CLC) (Sauer et al. 1994). CLCs for structural concrete members are here 
produced in accordance with the latest draft of Eurocode 2 (CEN 2021) and the fib Model Code 
2010. The CLCs of Figure 3 present all design combinations of axial forces and bending moments 
juxtaposed to the envelope of the cross-section’s design capacity distinguishing the design assump- 
tion and dimensioned lining (primary/secondary) in a comprehensive graphical verification. The 
design point is then identified through the most onerous pair of axial force and bending moment 
coinciding with the CLC envelope. The design point is defined by adjusting the concrete lining 
thickness, where two detailing concepts are implemented: (i) relying solely on plain concrete for 
linear elastic and SFRC for elastic-plastic analyses respectively, and (ii) relying on a combination 
of plain concrete and standard rebar mesh reinforcement as noted in Section 2.4. The resulting 
CLCs are shown in Figure 3 with the data set names and the respective calculate lining thickness 
dprim/dsecq in mm. The dataset names express the combination of the characteristics [Lining]- 
[Analysis type]-[Detailing concept], with: 


— Lining: Primary (Prim) /Secondary (Secd) 
— Analysis type: Linear elastic (EL)/Elastic-plastic (PL) 
— Detailing: Concrete (Con)/Concrete and rebar (ConReb) 


The dimensioning and detailing to marginally cover the design requirements for each data- 
set are summarised in Table 3. In the same table, the respective numerators of Equation (1) 
are given, considering the GWP of the materials at Al-A3 life cycle stage per running meter, 
the service life of each solution being equal to the nominal service life ty prim OF tei seca, and 
assuming an overall safety factor of ygwp = 1.0. Table 3 is used as a basis for comparison 
between the different solutions on the basis of the assumptions clarified above. 
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Figure 2. Deformation contour at excavation and support modelling step for the analyses with linear 
elastic and elastic-plastic lining constitutive formulation (symmetric representation). 


4 CLIMATE IMPACT OPTIMISATION IN TUNNEL DESIGN — CONCLUDING 
NOTES 


The analysis above demonstrates a rational engineering and quantifiable procedure to assess 
the environmental impacts in tunnelling based on the A1-A3 (material) life cycle stages. The 
calculation is based on the widely accepted Global Warming Potential (GWP) metrics (kg 
CO2-eq). It must be noted that the assumptions for the GWP calculation beyond the Al-A3 
assessment and until completion (e.g. construction, material transportation on-site, mucking 
and deposition, fit-outs) may still somewhat affect the assessment outcome. Furthermore, the 
ecological balance at the end-of-life decommission and the respective recycling/reuse strategy, 
are so far scarcely discussed in such assessments but they must be given a central role in future 
planning and design decisions. However, it is expected that an Al-A3 assessment is still a good 
estimate and that the majority of CO2-eq emissions for a concrete-lined transportation tunnel is 
mainly linked to the concrete material itself. Over-excavation and the rebound waste during 
spraying are not considered in this study, but they could undoubtedly constitute substantial por- 
tions of the overall material consumption for the primary lining; this also should be a focus for 
future development toward sustainable tunnel construction with sprayed concrete linings. 

A governing effect in the analysis shown herein is the apportionment of emissions over the 
service life of the tunnel and hence an amortisation of the environmental impacts. It is antici- 
pated (though not specifically calculated) that factoring in the requirement for especially dur- 
able materials or regular maintenance exercises will not influence the requirement for longer 
service life dramatically. Consequently, it is deduced that consideration of the primary lining 
as part of the permanent tunnel support structure (refer e.g. to the recent projects Crossrail, 
Bank Station Capacity Upgrade, Brenner Base Tunnel) dramatically reduces the overall 
tunnel GWP. Conversely, for already constructed tunnels, it may be of interest for the 
research community and the tunnelling industry to develop means and methods to assess the 
overall contribution of primary linings designed and built on the original assumption of non- 
bearing primary linings in the long term. 

Moreover, it is shown in this study that advanced approaches in the analysis and design of 
tunnel linings, such as non-linear FE calculations for the derivation of loads on linings, i.e. by 
an assumption of non-linear, elastic-plastic constitutive modelling of the linings can reduce 
the required lining thickness and overall reinforcing material demands. This exercise already 
at the design stage requires somewhat advanced engineering competence and computational 
capacity, but it is of rather negligible additional expense to a tunnelling project. In the pre- 
sented case study it is evident that: 
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Figure 3. Capacity Limit Curves (CLC) for all analysed cases. 


— For the overall assessment, which is governed by the primary lining dimensions, such an 
assessment can lead to an approximately 12% reduction in CO2-eq. 

— Observing solely the dimensioning changes for the secondary lining, the non-linear assess- 
ment leads to a 25% reduction of CO2-eq or more. 


Allowing non-linear behaviour of the material typically requires the use of fibre reinforce- 
ment which enhances the ductility and the robustness of the lining. This also calls for possibly 
larger crack widths than commonly permissible — this is a matter of adjusting the project’s 
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Table 3. Concrete lining details and respective Al-A3 GWP assessments. 


GWP in kg CO2-eq per tunnel running meter 


Dataset and Lining thickness Time adjustment 

analysis (mm) Concrete Rebar Fibres (Eq. 1) SUM 
Prim-EL-Con 220 3226 3226 3077 
Secd-EL-Con 430 6182 52 

Prim-EL-ConReb 210 3079 375 3454 3502 
Secd-EL-ConReb 340 4888 888 48 

Prim-PL-Con 200 2933 120 3053 3091 
Secd-PL-Con 310 4457 176 39 

Prim-PL-ConReb 190 2786 375 3161 

Secd-PL-ConReb 240 3451 888 36 3197 


serviceability specifications. It is also shown that steel fibres have a minimal contribution to 
the overall lining’s GWP. The investigation indicates that enhancement of a lining’s bending 
resistance by the use of rebar reinforcement allows a reduction of its thickness, which in turn 
can lead to a lower GWP. For example, the minimum climate impact amongst the analysed 
cases can be achieved by combining an assumed non-linear design for the primary lining with 
fibre reinforcement (with a short service life) and design based on rebar reinforcement for the 
secondary lining as a final long-term support system, i.e. a combination of “Prim-PL-Con” 
and “Secd-PL-ConReb”. 

Here, it should be highlighted that a lining thickness reduction leads also to a reduction of 
the excavated cross-section, with a positive repercussion on the excavation material volumes, 
with improved modules A4-A5 per Table 1. 

Additional insights on the effect of assuming combined long-term load-bearing of the pri- 
mary and secondary lining shall disclose a broader spectrum of possibilities to optimise tunnel 
construction concerning climate impacts. Taking into account internal structures in the ana- 
lysis (e.g. invert and ceiling structures) may as well lead to optimised solutions. It is also of 
particular interest to further investigate the implementation of low-carbon and durable mater- 
ials such as low cement and alternative concrete types, recycled aggregates, and corrosion- 
resistant reinforcement. This article explains a uniformly applicable methodology for climate 
impact assessments of tunnel structures which can immediately account for the above aspects. 
Besides, it demonstrates for the first time in tunnelling and one of the first applications overall 
in international literature, the use of the newly introduced “Climate Limit State (CLS)”. This 
concept provides a straightforward design verification method, transferable to different types 
and scales of structures, with the possibility to be directly integrated into upcoming design 
codes and standards and tunnel project specifications or value engineering exercises. 
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ABSTRACT: Tunnel design is a complex complicated task since it is strongly associated 
with a great number of load and material uncertainties. Moreover, modelling the soil- 
structure interaction multiplies the complexity and non-linearity of tunnel engineering prob- 
lems. Finite Element (FE) stochastic modelling has proven to be a very efficient tool in dealing 
with such uncertainties. Capturing uncertainties, though, which allows for a more realistic and 
pragmatic design decision aid, requires probabilistic approaches. The only general tool for 
probabilistic analysis is represented by Monte Carlo simulation (MC), simulating uncertain- 
ties with their complete probability distribution and statistical correlation. The complexity of 
the FE models renders then such a procedure virtually impossible. The computational burden 
of MC represents the main obstacle to the approach for time-consuming FE computational 
models since it is not computationally feasible for industrial applications. Consideration of 
uncertainties, therefore, remains usually at the level of partial safety factors, the approach 
which is in most cases on the very conservative side. That is why alternative techniques of so- 
called safety formats are becoming more and more attractive recently. Methods focused on 
the Estimation of Coefficient of Variation (ECoV) of structural resistance have been devel- 
oped and applied recently mainly for concrete structures like bridges. They represent 
a compromise between the simple and in most cases conservative approach of partial safety 
factors and highly computationally demanding MC. The paper shows the possibility of appli- 
cation of these methods for tunnels. Selected efficient semi-probabilistic methods based on the 
ECoV method according to fib Model Code 2010, an improved approach called Eigen ECoV, 
Taylor Series Expansion and numerical quadrature proposed by Rosenblueth are compared. 


1 INTRODUCTION 


As computer technology has advanced in recent years, and due to the vast requirement of 
today’s construction industry for cost and resource-saving solutions, numerical modelling 
becomes the preferred solution in all areas of engineering, including tunnelling. The finite 
element (FE) and finite difference methods have become one of the standard tools and they 
are proving very useful for the analysis of complex underground structures. This includes 
advanced simulations for soil and rock materials, as well as concrete, through special non- 
linear constitutive material models, and numerical modelling for complex geometries, such as 
non-circular cross-sections, special interfaces and junctions. The value of advanced 
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simulations has been demonstrated in several recent design and construction tunnel projects, 
as seen for example in Spyridis et al. (2013), Nasekhian and Spyridis (2017), Spyridis et al. 
(2018), Weifner and Bergmeister (2020). When it comes to structural design and assessment, 
limit state design formulations are checked, whereby consideration of uncertainties in terms of 
a safety format is required. Tunnelling is strongly governed by risk-based decisions both at the 
engineering as well as the project execution level, which can be attributed to lack of know- 
ledge, natural randomness or mathematical indetermination. Particularly in the tunnel design 
and condition assessment, uncertainties reside in unknown properties of the ground and the 
soil-structure response. 

Quantifiable expressions of uncertainty (failure/non-performance probabilities or structural 
reliability), are represented by four analysis methods in literature and design standards: 


e Level I: Uncertain parameters are modelled by one single nominal value, e.g. characteristic 
values with partial safety factor design. 

e Level II: Uncertain parameters are implicitly modelled with a normal distribution by two 
values, e.g. mean and variance or characteristic value, e.g. semi-probabilistic methods. 

e Level III: Uncertain quantities are modelled by their distribution functions, and correl- 
ations, leading to a calculated failure probability, e.g. by full probabilistic Monte Carlo 
simulations. 

e Risk-based methods: The consequences of failure are also accounted as a design criterion. 


Engineers in current practice are mostly familiar with the Level I methods, however more 
advanced methods are gaining traction due to the fact, that they allow for rationalized and more 
efficient engineering verifications. However, risk-based and full probabilistic methods are often 
rendered complex and impractical since they respectively require multidisciplinary input and vast 
computational resources. “Level II” methods are advantageous since they offer a balance between 
accuracy and efficiency. Typical representatives in this category are the standard ECoV method 
(Cervenka, 2013), Taylor Series Expansion (Novak & Novak, 2020), Numerical quadrature by 
Rosenblueth (1975), and recently proposed Eigen ECoV (Novak & Novak, 2021). These simpli- 
fied methods are based on several strong assumptions which are typically valid in structural engin- 
eering, which allow estimating the mean value and variance (coefficient of variation) of the 
quantity of interest by simple analytical formulas and only a few simulations. 

This article explores the possibilities of implementing safety formats in tunnelling relying on 
non-linear FE simulations. The paper initially introduces conceptual fundamentals and formal 
model descriptions. Comparative calculations are then demonstrated using a plane-strain FE 
model from a realistic tunnel project in soft soil. The results are critically discussed, leading to 
conclusions for further research and practical applications. Note that in contrast to most of the 
existing applications of ECoV methods focused on the resistance of structural elements (Slowik 
et al., 2021; Novak et al., 2018; Novak et al., 2022) this paper shows the application of ECoV 
methods for the statistical descriptions of action effects obtained from the FE model. This pre- 
sents a novel approach in tunnelling, though well-aligned with modern design standards. 


2 FUNDAMENTALS OF RELIABILITY AND SAFETY FORMATS 


The basic reliability concept is given by the following expression, where Z(X) is the safety 
margin, which is defined as the difference between structural resistance R and action effect E: 


ZX) =R-E (1) 
The probability of the negative safety margin (probability of failure), is used in a fully prob- 
abilistic method to prove the safety requirements 


The semi-probabilistic approaches assume the separation of two random variables struc- 
tural resistance R and action effect E through their design values: 
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and 


Eq = Fg! (—ag6), (3) 


where F' represents inverse cumulative distribution function, a is a sensitivity factor and £ is 
the target reliability index (both can be found in Eurocodes reflecting the type of the struc- 
ture). The paper focuses on the estimation of Ez when the function of action effects e(X) of 
input random vector (X being a vector of N basic variables) is solved by a 2D FE model. 
Based on these assumptions, the probability distribution is fully described by mean value and 
CoV, and reliability analysis thus reduces to the estimation of the first two statistical 
moments. The ECoV methods described below are focused on this task using different levels 
of accuracy and number of calculations of a computational model. 


2.1 Standard ECoV according to fib model code 


Standard ECoV method often used in analyses of concrete structural members was developed 
by Cervenka (Cervenka, 2013) and later implemented into the fib Model Code 2010 (fib, 
2013). It is based on a simplified formula for the estimation of a characteristic value of 
a lognormal variable with the mean value ug and CoV vg. Based on two numerical simula- 
tions Rm with mean values of input variables and using characteristic values of input variables. 
Therefore, the typical formula of the standard ECoV method is as follows: 


1 Rn 
va eas (Re) (4) 


Note that this paper is focused on action effects E and thus we should assume Gaussian 
distribution instead of Lognormal distribution, thus the standard ECoV formula used in this 
work is as follows: 


Em — Ex 


VE = T645 En a 


Description of the further methods will be focused only on E assuming Gaussian distribu- 
tion and we will skip its typical form assuming Lognormal distribution of resistance. 


2.2 ECoV based on Taylor Series Expansion 


A very well-known method for statistical analysis of functions of random variables is Taylor 
Series Expansion (TSE). It is common in engineering applications to use TSE truncated to 
linear terms and thus with ug ~ Em and CoV: 


ne yE Ce) 


where the partial derivatives can be numerically computed by various differencing schemes 
(Novak & Novak, 2020). The simplest scheme is one-sided backward differencing: 


de(X) _ Em — Exa (7) 
OX; Ay, 
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Ey, is the result of a numerical simulation using mean values of all random variables, but 
a value of the i-th random variable which is reduced by Ay,. The adaptivity of TSE is enhanced 
by introducing a step size parameter c used for defining the difference Ay, = 4y, — Xia, where 
Xia = F7! (@(—¢)). F7! is an inverse cumulative distribution function of the i-th variable and is 
the cumulative distribution function of the standardized normal distribution. Schlune et al. (2011) 
proposed to consider c = (azf)/V2, but to keep consistency in the comparison of ECoV 
methods as much as possible, we use c=1.645 (leading to characteristic quantiles) identically as in 
standard ECoV. 


2.3 Eigen ECoV 


The recently proposed Eigen ECoV (Novak & Novak, 2021) is based on the idea of projecting 
input random vector on 1D eigen distribution © with variance equal to the first eigenvalue of 
input covariance matrix 02 = Ly 2 =, and mean value is simply obtained as: 


to =f Dos ex)? (8) 


In the original proposal, there are three levels of Eigen ECoV. The most promising Eigen 
ECoV formula for the estimation of vg offering a balance between efficiency and accuracy is: 


3Em — 4E oa + Eon VA 
Ao En 


(9) 


VE~ 
where simulation Ee, = e(Xea) alculated with coordinates of input realization 
Xoa = (Xia,---,Xna) and Eos = = (ie with coordinates Eos = = | Xas Xna). The input 


vectors consisting of reduced values of input random variables are anid the intermédiate coord- 
inates are as follows: 


Hy, — Xia My, + Xia 
2 7 2 


Xa = Hy, (10) 


Ag represents the distance between uo and desired quantile obtained under the assumption of 
Gaussian distribution as: 


Ao = c- yM (11) 


The Eigen ECoV combines the versatility and adaptability of TSE through various differen- 
cing schemes and step size parameter c, together with the efficiency of ECoV according to fib 
Model Code 2010 (fib, 2013). 


2.4 Numerical quadrature by Rosenblueth 


An advanced and more computationally demanding method to estimate moments of resist- 
ance function was proposed by Rosenblueth (1975). The expected value of m-th moment of 
function Y can be estimated as: 


E(e")= So Pi- e” (12) 


where P; are weighting factors and e? is a realization of . The realizations are located at aM 


points where each is a combination of one standard deviation o above or below the mean u of 
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all the input variables. Since the function Y is computed in 2” points the computational 
requirements increase rapidly with the size of the stochastic model. 


3 NON-LINEAR FINITE ELEMENT MODEL 


3.1 Model set-up 


A tunnel cross-section with a cross-sectional area of A = 50.0 m?, has been elaborated 
through 2D plane-strain non-linear FE analyses (Figure 1). The model represents 
a typical sprayed concrete tunnel shape with different curvatures along the perimeter, 
e.g. an arched shape roof and flatter invert, located at a depth of 20 m from the surface 
(distance from tunnel axis), and the boundary dimensions are 40 by 100 m. An 
undrained total stress analysis was carried out using the soil self-weight and a lateral 
earth pressure coefficient at rest, to simulate the soil stress pattern. A graded mesh was 
implemented with 5145 3-noded elements for the soil and 320 Timoshenko beam elem- 
ents for the lining. The unloading Young’s modulus is simulated through 
a proportionally hardened material (dark blue in Figure 1) underneath the opening. The 
analysis assumed full-face excavation, and to simulate the 3D stress relief and arching 
effects due to soil deformation ahead of the excavation face, a relaxation factor (k) was 
applied in the soil before the soil removal and lining installation step. This has been 
realized by modelling the soil within the excavation zone as elastic and assigning lower 
parameters (Young’s modulus, Poisson’s ratio) and the ground was allowed to deform to 
a new equilibrium before the lining installation (see e.g. stiffness reduction method in 
Potts (2001)). 


Figure 1. Overview of the plane-strain finite element model. 


3.2 Input parameters 


As discussed above, the model’s stochastic parameters are the coefficient of lateral earth 
pressure Ko, the soils undrained Young modulus E,, the undrained shear strength and 
the relaxation factor 4, while all other parameters are kept as deterministic. An overview 
of the parameters used is given in Table 1. Note that all random variables are assumed 
to have Gaussian distribution. The geological model and the range of parameters used 
have been selected based on an extensive survey of available geotechnical information 
(see Spyridis et al. (2016)) and they are anticipated to be representative of a typical shal- 
low tunnel in urban environments. The concrete liner was modelled with an elastic con- 
crete material model, and it has a thickness of 300 mm, a Young‘s modulus of 13 GPa 
(John & Mattle, 2003) and a Poisson’s ratio of v = 0.2. Statistical correlations among 
parameters were not considered. 
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Table 1. Input parameters of the geotechnical analyses — stochastic model, indicating the mean 
values, the standard deviations and (in parenthesis) the coefficients of variation. 


Soil property Mean value Std. deviation (CoV) 
Material density, y [kN/m°] 20 - 

Young’s modulus, E [MPa] 200 50 (0.25) 

Poisson’s ratio, v [-] 0.45 - 

Undrained shear strength, Su [kPa] 0.20 0.05 (0.25) 

Lateral stress coefficient, Ko [-] 1.00 0.20 (0.20) 
Relaxation factor, à [%] 67.5 6.75 (0.10) 


4 RESULTS AND DISCUSSION 


The presented semi-probabilistic ECoV methods were applied to analyze the 2D FE model and 
obtained results are described in this section. All ECoV methods were used to estimate mean 
value and variance in all locations of tunnel cross-section to determine local mean values (sub- 
script u) of moments M and axial forces N together with estimated design quantiles 
Eq = F;' (—agf) assuming Gaussian distribution with estimated moments, ag = —0.7 
and £ = 3.8. Since for the assessment of the tunnel structure we ultimately use an inter- 
action diagram obtained according to Eurocode 2 (CEN, 2005), we estimate design 
quantiles from both tails of the distribution to find the most dangerous combination of 
N and M (minimum values with subscript — and maximum values with subscript +). 
Obtained results can be found in Figure 2 (N — top, M — bottom). Note that obtained 
results for each of the methods are based on a different number of simulations: Standard 
ECoV 2 simulations, Eigen ECoV 3 simulation (one additional to standard ECoV), TSE 
5 simulations and Rosenblueth 16 simulations. 

Note that there are some differences in estimated quantities by each method. These 
are natural consequences of the assumed simplifications, mainly standard ECoV and 
Eigen ECoV assume fully correlated input random variables which typically leads to 
higher variance, detailed explanation on this phenomenon, see (Novak & Novak, 2021) 
(and thus consequently higher design values). However, the most significant difference is 
in axial forces estimated by Rosenblueth in comparison to the rest of the selected 
methods. It can be seen that ECoV methods significantly underestimated the variance of 
axial forces near the top of the tunnel. This can be explained by the significance of 
interactions of input random variables, which are reflected only by Rosenblueth — the 
most accurate but also highly computationally demanding method (exponential growth 
of the number of simulations with the number of input random variables). 

Once the local design values of action effects were estimated by semi-probabilistic methods, 
it was necessary to find the most important locations of the tunnel for an assessment. These 
locations correspond to the minimum and maximum values of axial forces and moments. 
Therefore, we selected 4 points for each method (N_, N+, M_, M+), and found the correspond- 
ing M or N to find their coordinates in the interaction diagram as can be seen in Figure 3, 
where design values are shown, calculated according to formulas in Equations (13) and (14) 
below. 


Ma = Fi} (—orp) (13) 

Na = Fy' (—arp) (14) 

Note that there is significant scatter in the horizontal direction due to the difference in esti- 
mated axial forces as described in the previous text. However, vertical scatter is not so signifi- 


cant and thus it can be recommended to use computationally cheap methods ECoV and Eigen 
ECoV using 2 and 3 simulations respectively. 
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Figure 2. Spatial probability distribution of axial forces F (top) and moments M (bottom), estimated 
by the selected ECoV methods. Mean values (solid blue), Maximum (red) and Minimum (green) values 
are obtained from design quantiles of Gaussian distribution. 
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5 CONCLUSION 


This paper presents an application of existing semi-probabilistic methods for the estima- 
tion of the coefficient of variation on a realistic tunnel structure. This study introduces 
a broad range of novelties in the design of tunnels and showcases those based on semi- 
probabilistic analyses of non-linear plane-strain finite element models. In contrast to 
existing papers, semi-probabilistic methods were applied here for the estimation of spa- 
tially variable statistical moments of action effects. Moreover, it is simultaneously 
applied for 2 variables, namely the bending moment and the axial force, representing 
action effects in the form of an interaction diagram. From the obtained results, it can 
be concluded that all selected methods achieved acceptable accuracy and obtained results 
are similar for all methods. However, there is also a clear influence of the assumed 
simplifications — interaction effects of input random variables neglected in ECoV 
methods could significantly affect the obtained results. Therefore, it is important to 
always carefully select the most suitable method concerning desired accuracy and compu- 
tational cost. Nevertheless, applied semi-probabilistic methods for action effect in the 
form of interaction diagram proved to be alternative design efficient design methods for 
design assessment of tunnels on the contrary to time-consuming Monte Carlo type 
simulation. 

In light of an increased demand for tunnel design exercises to capture both the par- 
ticularities of the structural and earth materials involved, optimized tunnel geometries 
and complex construction sequences, advanced numerical methods need to be imple- 
mented. At the same time, uncertainties in tunnelling must be captured by use of sto- 
chastic models. instead of multiple tedious probabilistic analyses — such as Monte Carlo 
or versions thereof — this study reveals the benefits of sophisticated semi-probabilistic 
concepts, which can deliver a statistical expression of design limit state functions with 
only very few targeted finite element analyses. As shown herein, this approach can be an 
alternative to fully probabilistic methods with adequate accuracy, based on coherent 
engineering concepts and in line with current and upcoming design standards, such as 
the new Eurocode 0 and the next fib Model Code 2020 (CEN, 2021; Novak et al., 
2022). 
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Figure 3. Interaction diagram of the tunnel structures with design values of action effects estimated by 
semi-probabilistic methods. 
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ABSTRACT: The Public Works Authority (PWA) of the State of Qatar, or ASHGHAL, has 
launched the Wakrah and Wukair Drainage Tunnel, which is a 13km-long and 4.5m-ID sewer 
tunnel serving Doha’s growing population in the years to come. The depths range from 50 to 
60m, which will make the tunnel entirely in the Rus Calcareous (RUS) and Rus Gypsum 
(RUSGYP) formations, thus this will be the deepest and most challenging TBM tunnelling pro- 
ject in Qatar to date. Little was known about the ground conditions and the specifics of the deep 
geological formations along the planned alignment at project inception. Therefore, an extensive 
ground investigation campaign was launched in several phases to confirm the feasibility of the 
project, as the key to every successful tunnel project is to properly identify and mitigate the risks. 
The authors will present the findings of the investigations along with the design considerations for 
weak/soft rock masses commonly found in Doha, Qatar. The authors will also provide an intro- 
duction to the specifics of the PWA’s latest project and tunnelling aspects of it. 


1 INTRODUCTION 


The city of Doha has grown and expanded rapidly in the last 20 years, but this growth has 
strained the country’s infrastructure, including its aging sewerage system and treatment facil- 
ities. The Public Works Authority (PWA) of the State of Qatar, or ASHGHAL, has therefore 
launched several schemes which involve deep sewer tunnels and new treatment works to serve 
Doha’s growing population in the years to come. One of those schemes is the Wakrah and 
Wukair Drainage Tunnel, which is PWA’s deepest tunnel to date. 

When PWA first commenced the concept design of this tunnel in 2012, little was known 
about the ground conditions in this area and the specifics of the deep geological formations 
along the planned alignment. Therefore, an extensive ground investigation campaign was 
launched in 2013 to confirm the feasibility of the project, as the key to every successful tunnel 
project is to properly identify and mitigate the risks. 

The authors will briefly summarise the results of the finding of the collected geotechnical 
data for weak/soft rock mass commonly found in Doha, Qatar, and present how it was used 
in the design of the Tunnel Boring Machine (TBM), precast concrete tunnel lining, and the 
support in the non-TBM tunnels and deep shafts. 


2 PROJECT OVERVIEW 
The Wakrah and Wukair Drainage Tunnel (Contract C853/2) will be a 13km-long, 4.5m 
internal diameter (ID) sewer tunnel approx. 50 to 60m below the ground surface. The Owner 
(or Employer), the PWA, is the designated Engineer who is represented by the Engineer’s Rep- 
resentative, Parsons International Limited (PIL). PIL provides construction supervision 
DOI: 10.1201/9781003348030-118 
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services in the form of site management and engineering review of all designs completed by 
the Contractor’s team. The three-year design-build construction contract was awarded in 
November 2020 to the PORR-HBK-Midmac Joint Venture (PHM-JV). 

The project site presented in Figure | is located approx. 15 km south of the outskirts of 
Doha and is mostly in undeveloped with sparse desert vegetation and runs alongside Qatar 
Energy (QE) lines, overhead high-voltage transmission lines, and other utility services, as well 
as expressways. The ground surface levels along the alignment range from approx. +5 to 
+25 m above the Qatar National Height Datum 95 (QNHD). 

Apart of the main tunnel, the integral parts of the project are several adits with provisions 
for future connections as well as four work shafts, four intermediate access shafts, ancillary 
hydraulic structures and an Odour Control Facility. The shaft depths range down to 60m, 
which will make this the deepest and most challenging TBM tunnelling project in Qatar to 
date, with water pressures potentially reaching 6 bars. Connecting branches and a new sewage 
treatment works will be delivered under different contracts. 

The tunnel itself will compromise of a two-pass lining system with a precast concrete seg- 
mental lining as the primary structural support followed by a secondary cast-in-place (CIP) 
corrosion protection lining (CPL). 

Shafts WS10 and AS09 were used to launch two TBMs mining in the upstream direction in 
February and March 2022 respectively. Shaft AS09 is centralized along the alignment and is 
a launch shaft as well as a reception shaft. The tunnelling support services will be moved from 
WS10 to WS09 to facilitate early CIP CPL installation once the TBM tunnelling between 
WS10 and WS09 has been completed. WS07 is intended as reception shaft for this project’s 
TBM but also for two MTBMs used for pipe jacking by an interfacing project (Contract 
C853/1). After completion of the tunnel and CPL, smaller diameter permanent access struc- 
tures will be constructed within all temporary shafts and the excess space around it will be 
backfilled with low-strength concrete. 


Figure 1. Overview of the project area. 


3 ALIGNMENT CONSIDERATIONS 


To avoid sterilizing land for future development and encroaching into privately owned land, 
the tunnel’s horizontal alignment, all related shafts and drop structures have been confined 
either within designated utility corridors part of the public right-of-way (ROW), or within 
property already owned or operated by PWA or the State of Qatar. 
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The tunnel between WS07 and AS09 has been placed mostly in the dedicated western 
national utility corridor apart from a short stretch where a new corridor had to be assigned 
specifically for ASO9, while the tunnel between AS09 and WS10 is in the southern national 
utility corridor and inside a larger plot reserved for several phases of the Al Wakrah & Al 
Wukair Sewage Treatment Plant (STP). There are no existing permanent roads to many parts 
of the shaft sites. 

The above-mentioned constraints necessitated a variety of horizontal curves where WS09 to 
AS09 with a length of 3,332m has two horizontal curves with radii of 1,500 and 800m respect- 
ively; WS10 to WS09 with a length of 4,016-m has three horizontal curves, two with a radius 
of 800-m and one with a 700-m radius; and lastly ASO9 to WS07 with a largely straight length 
of 5,899m. 

As for the vertical alignment, the tunnel has a constant slope of 1 in 1300 (0.077%) through- 
out which is based on hydraulic design principles to meet the minimum and maximum veloci- 
ties and other criteria imposed to achieve self-cleansing capabilities. 

The depth is driven by the upstream levels of shallow systems to be intercepted and the 
allowance for safe clearances to existing and future tunnels throughout the entire conveyance 
system, which this tunnel will eventually form part of. Examples of assets considered during 
the clash detection are the Abu Hamour Stormwater tunnel, Expressway underpasses, as well 
as existing and future stations and tunnels of the Qatar Rail Metro. 


4 GEOLOGY 


4.1 General overview 


The project area is geologically a part of the Arabian Gulf Basin as described in detail by 
Cavelier et al. (1970) and Sadiq & Nasir (2002). The post Cretaceous sedimentation is 
a sequence of shallow marine limestone with occasional shale and evaporates in a shallow 
basin. The formations encountered in the Doha region comprise of Quaternary marine, 
aeolian and sabkha deposits. The Simsima Limestone is subdivided into four geological units 
in the project area: the Highly Weathered Simsima Limestone (HWSL), Weathered Simsima 
Limestone (WSL), Simsima Limestone (SL) and Basal Simsima Limestone (BSL). The under- 
lying lower geological units, which include the Midra Shale (MSH), Khor Limestone (KLS), 
Rus Calcareous (RUS) and Rus Gypsum (RUSGYP), lay below the SL formation (Karag- 
kounis et al. 2016). 

Since the tunnelling is entirely conducted in two units only, RUS and RUSGYP, the 
authors will concentrate solely on them. 


4.2 Ground investigation works 


Little was known about the RUS and RUSGYP at project initiation, therefore PWA’s Pro- 
gramme Management Consultant, highlighted a number of geotechnical risks which needed to 
be further assessed. The risks included encountering karstic features, mixed-face conditions 
(MSH and RUS), large fault zones, high permeability, poor groundwater quality and presence 
of anhydrite as well as the limited knowledge of abrasiveness and (CH2M HILL 2012). An 
extensive amount of sub-surface ground investigation works has therefore been performed 
along the alignment in three phases. 

In 2013, the initial investigation included 47 boreholes, 8 diagraphy boreholes and the 
installation of 17 piezometers. Selected borings also included P-S suspension logging, acoustic 
televiewer (ATV) logging and packer tests. Extensive laboratory as well as environmental test- 
ing has been conducted as well. A Refraction Microtremor (ReMi) survey was performed to 
determine shear wave velocity differences down to a depth of approximately 60 m below the 
ground surface. 

In 2016, additional ground investigations included the drilling of 11 boreholes, laboratory 
testing on samples, the installation of five piezometers and 41 packer tests. 


987 


Supplementary ground investigations were conducted by PHM-JV in 2021 which added 29 
borings and 23 piezometers. Additional packer tests and pressure meter tests were also per- 
formed at that time. 

Based on the available information, PHM-JV interpreted the geology as presented in 
Figure 2 and summarised below. 


En ES Ea 
Highly Weathered Weathered Simsima Basal Micra Khor RUS RUS 
Simsima Limestone Simsima Limestone (SL) Simsima Shale (MSH) Limestone (KLS) Calcareous (RUS) Gypsum (RUSGYP) 
(HWSL) Limestone (WSL) Limestone (BSL) 


Figure 2. Interpreted geology (PHM-JV 2022c). 


The RUS formation was reported in all the drilled borings along the tunnel alignment 
(PHM-JV 2021a). The encountered RUS can be described as fine-grained calcarenite charac- 
terized by chalky and bioclastic limestone with occasional nodules of gypsum and beds of 
laminated shale, siltstone, claystone, and clayey silt, with very closely to medium-spaced frac- 
tures. The RUS formation was encountered in different colours, including greyish brown, 
grey, brownish grey, and white. Beds of claystone were encountered in the RUS in 11 drilled 
borings below the KLS and MSH between elevations -6.7 and -45.1m QNHD with an average 
thickness of approx. 18.1m. 

The RUSGYP formation was reported in all the drilled borings along tunnel alignment 
(PHM-JV 2021a). The encountered RUSGYP can be described as fine-grained gypsum and 
calcareous siltstone with beds of fine- to medium-grained bioclastic limestone, calcareous silt- 
stone, soft to stiff silty clay and claystone, with very closely to widely spaced fractures. Beds 
of silty clay and claystone were encountered in RUSGYP in 23 of the drilled borings. The 
RUSGYP formation was encountered in different colours, including grey, brown, brownish 
grey, bluish grey and brownish grey. RUSGYP was encountered below the RUS between ele- 
vations -27.2 and -84.9m QNHD with an average thickness of approx. 17.8m. The full thick- 
ness of the RUSGYP was not encountered. 

The detailed borehole logs and the ReMi surface geophysical survey identified a thin layer 
of extremely weak to very weak calcareous siltstone/claystone and/or calcilutite located at the 
interface between the RUS and RUSGYP formations which potentially can be associated 
with a water bearing horizon. 


4.3 Intact rock properties 


The authors have conducted a statistical analysis on the laboratory test results obtained from 
the borings. For the Rus unit, Uniaxial Compressive Strength (UCS) ranges between | and 51 
MPa (mode 8MPa). The tensile strength from Brazilian tests ranges between 0.1 and 11MPa 
(mode 3MPa). I,(50) from point load testing ranges between 0 and 9MPa (mode 0.2MPa). 
Young’s modulus from UCS testing range between 0.4 and 76GPa (mode 12GPa). For the 
Rus Gypsum unit, Uniaxial Compressive Strength (UCS) ranges between 2.2 and 31 MPa 
(mode 17MPa). The tensile strength from Brazilian tests ranges between 0.1 and 12MPa 
(mode 2MPa). I,(50) from point load testing ranges between 0 and 3MPa (mode 0.5MPa). 
Young’s modulus from UCS testing ranges between 0.8 and 47.5GPa (mode 37GPa). 
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Since the tunnels will be mined through the RUS and RUSGYP formations, the parameters 
presented in Table 1 been used in the geo-engineering calculations. While the Rock Mass 
Rating (RMR) system was developed for hard rock tunnels (Bieniawski 1989), it is commonly 
used by designers since it is related to Geological Strength Index (GSI,) which in turn is often 
used as an input for the Hoek-Brown failure criterion. Its applicability to soft/weak rocks as 
well as tunnelling experience has been discussed in detail by Stypulkowski et al. (2014), (2016), 
(2018), Vučemilović et al. (2021) and Vučemilović (2021). 


Table 1. Recommended geotechnical characteristic parameters for the segmental lining (TBM) tunnel 
(PHM-JV 2021a). 


UCS- UCSrock Swelling 
Y intact GSI Ei Em Erm; RocLab V mi D c 9 Mass ko pressure 
(kN/ 
Strata m) (MPa) © (MPa) (MPa) (MPa) Oe (-) (kPa) ©) (kPa) (-) (kPa) 
RUS 21 9.7 30 - 55 5400 1970 985-4150 0.28 8+2 0 114-209 35-42 167-409 0.7-0.9 175 
RUSGYP 22.5 15.6 42-62 10950 6715 2490-7880 0.31 1042 0 202 44 583 0.7-0.9 205 


4.4 Conclusions in terms of tunnelling 


Based on the ground investigations conducted in 2013, it was recommended that the tunnel 
should be excavated by use of a pressurized face TBM, which should be capable of excavating 
efficiently within a rock formation of variable strength (completely in soil, or completely in rock, 
or in combination of the two conditions) (CH2M HILL 2014). Articulation of the shield would 
be required to negotiate radii and to correct pitch due to soft ground or mixed face conditions. 

Due to the likely presence of soil-like material, and potential for encountering air/water-filled 
vugs and soil-filled vugs, it was recommended that the tunnelling methods and equipment be 
adaptable to the varying requirements along the entire tunnel length, including provisions for 
probing and implementing ground treatment (improvement) techniques ahead of and around the 
excavation face. 

Vest (2018) concludes that boreholes and geophysics have highlighted the potential of highly 
fractured rock mass at the contact between the RUS and the MSH. Due to the fracturing and 
potential weathering of the rock mass at this contact there is a higher probability of ground 
water inflow during shaft excavation, especially as the RUS is under pressure above hydrostatic. 

PHM-JV (2021a) further concluded based on the additional ground investigations that 
ground settlement due to tunnelling and shaft construction is generally expected to be very 
small due to the relatively strong and stiff nature of the rock; along the tunnel section there 
are no occurrences of decomposed rock in the form highly weathered formations; risk of clog- 
ging and sticky ground conditions occurring is low; mixed face conditions are not expected 
but possible, the rock falls under the classification of “moderate abrasiveness”; potential deg- 
radation and swelling of the RUS/RUSGYP due to the tunnelling construction activities 
would have a negligible/low effect on the tunnel lining design; and that risk of high ground- 
water pressures is considered to be minimal along the tunnel alignment. Lastly, no anomalies 
such as karstic features have been detected during the ground investigations or observed 
during the shaft and tunnel excavation to date (PHM-JV 2022c). 


5 LINING CONCEPT 


Corrosive ground conditions due to high concentrations of chlorides and sulphates in the 
ground and groundwater require a durable lining (Najder Olliver & Lockhart 2017 and 
Edvardsen et al. 2019). The tunnel is therefore supported by a 300mm-thick precast segmental 
lining comprising Fibre Reinforced Concrete (FRC) and a triple-blend concrete mix. After 
completion of the excavation, the tunnel will be internally lined with a secondary CIP CPL 
consisting of 250mm of sacrificial concrete integrated with a HDPE membrane to withstand 
an aggressive sewer environment during the 100-year design life of the tunnel. 
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The general ring concept consists of a conical universal ring with 6 segments and a taper of 
30 mm +15 mm over the full tunnel width. The annulus between the excavated face and the 
segment extrados is filled with a two-component cement grout. Each radial joint is connected 
by two guiding rods. A total of 12 alignment dowels (shear dowels) are provided at the cir- 
cumferential joint of each ring to facilitate ring build with cast-in sockets. Table 2 summarises 
the precast segmental lining details. 

At the beginning and end of the TBM tunnel as well as at the crossing shafts, 12 rings of 
bolted segments are installed. The bolts are considered temporary and are meant to be 
removed after tunnel completion. The type of bolts used are T25-8.8 with maximum allowable 
torque of 270Nm. 


Table 2. Segmental lining details (PHM-JV 2022b). 


Property Value 
Number of segments 5+1 key (8122 Rings to be installed) 
Tunnel ID 5005mm 
Ring Length 1600mm 
Ring Thickness 300mm 
Taper 30mm + 15mm 
Smartblock dowels 90-140/300-60; 
Connection Type PVC Heavy Guiding Rod 040mm, L=400mm; 
T25-8.8 bolts (temporary) 
Gasket TSD Anchored Rubber gasket U.G.018A (EPDM 70 IRHD) 
Grouting Sockets Polypropylane Grouting Socket, L=120 with cap and cup 
Concrete grade C50/60 
Classification for structural design 4C 
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Figure 3. Cross-section of the logistics tunnel at AS09 (PHM-JV 2022a). 
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6 NON-TBM TUNNELLING 


Using non-TBM tunnelling such as conventional excavation (Sequential Excavation Method 
(SEM)), PHM-JV installed launch adits, and logistics tunnels to facilitate tunnelling oper- 
ations in shafts WS07, WS10 and AS09. The adits are approx. 15-m long to facilitate a shield 
cradle while the logistics tunnels as shown in Figure 3 are approx. 70-m long to facilitate gan- 
tries and rails for the tunnel trains. 

Excavation was carried out by an excavator equipped with bucket, and a hydraulic 
hammer. A separate drill rig and shotcrete robot was used as well. Requirements for excava- 
tion and support were grouped in Support Classes for each tunnel. The Support Class to be 
adopted was decided based on geological tunnel face mapping. Spiles ahead of the face have 
been specified, however, they were never required to be installed since the stand-up time was 
sufficient for the tunnelling methodology used. 


7 THE TUNNEL BORING MACHINES 


At the time of writing this paper, two TBM drives with a length of 5877m and 7198m respectively 
have been commenced using two CREG TBMs as specified in Table 3. The TBMs have rotating 
cutter-heads which are fitted with cutting tools (disc cutters, scrapers, rippers). The excavated 


Table 3. TBM specifications (PHM-JV 2021b). 


Property 


Sub-property 


Value 


Design Parameters 


Curve radius (horizontal) 
Gradient 

UCS 

Hydrostatic Pressure 


400 m and 750m 
0.077% 

7-17 MPa 

6 bars 


Segment Backfill 


Bi-component cement grout 


Diameter 


Bore Diameter (excavated) 


5.885 m 


Cutterhead Style Cutterhead Mixed ground 
17” Cutters 24 (Twin disc + Double disc 
Single disc) 
Scrapers 44 + 8 (Gauge scrapers) 
Rippers 18 
Cutterhead Drive Cutterhead Speed 0-5.5 rpm 
Breakout Torque 4914 kNm 
Maximum Thrust 31,931 kN 
Cutterhead Drive Electrical 
Cutterhead Power 250 kW x 6 motors 
Thrust Thrust Jack Stroke 2500mm 
Maximum Thrust 31931 kN 
TBM Conveyor Screw Conveyor Diameter 700 mm 
Speed 0 — 25 r/min 
Torque 125kNm 
Back-Up Conveyor Belt Width 800mm 


Exploration/Ground Support 


Probe Drill/Grout 


4 horizontal probe drill pipes /grout 
injection pipe (6 use and 6 standby) 


Protection 


Methane Monitors 
EPB Sensors 
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2 in cabin 3 in gantries 
5 


(Continued ) 


Table 3. (Continued) 


Property Sub-property Value 

Weights and Dimensions Total length 148 m 
TBM weight 580 tons (TBM plus backup) 
TBM core weight 330 tons 
Back-up system weight 250 tons 


material is collected by the “buckets” and transported through the openings provided between 
the cutters into the excavation chamber. A screw conveyor extracts the spoil from the chamber 
and discharges it onto the belt conveyor installed on the TBM backup which in turn offloads the 
material into muck skips. The muck skips are operated by diesel-powered locomotives (total of 
six) which travel on rail tracks. 

Monitoring of the TBM excavation processes is provided real-time through Operation and 
Guidance Systems where the drive data is automatically collected by the TBM Data Acquisition 
and Evaluation System. 

The TBMs are equipped with a non-intrusive electrically induced polarization prediction 
system called Bore-tunnelling Electrical Ahead Monitoring (BEAM) system. 


8 CONCLUSIONS 


The project has greatly benefited from the extensive ground investigation works performed 
which have been used to properly identify and mitigate the construction risks in the 
RUS formation. Since the project is still ongoing, the authors intended this paper as an 
introduction to the project. We trust that the engineering community will benefit from 
PWA’s experience in successfully managing the design and construction. 
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A numerical investigation of the lining performance of composite 
SCL tunnels with debonded sprayed waterproofing membrane 


J. Su 
Ramboll, London, UK 


ABSTRACT: Composite SCL tunnels, comprising two layers of permanent concrete linings 
and a sandwiched layer of sprayed waterproofing membrane, have been constructed in several 
major underground construction projects in the UK. The research on composite SCL tunnels 
has so far been focused on the performance of the permanent concrete lining when the sprayed 
waterproofing membrane is still bonded to both layers of linings. Recently, research has 
shifted towards the robustness of the sprayed waterproofing membrane system under external 
groundwater pressure and the impact of debonded sprayed waterproofing membrane on the 
concrete lining performance. This paper assesses the second issue by undertaking numerical 
modelling with various partially and fully debonded sprayed waterproofing membrane scen- 
arios. The lining performance is presented and discussed. Further research on this topic is 
recommended. 


1 INTRODUCTION 


A double-bonded sprayed waterproofing membrane (i.e. with assumed tensile and shear bond 
to both primary and secondary layers) has been constructed together with permanent primary 
and secondary concrete lining layers to form composite sprayed concrete lined (SCL) tunnels 
in several major projects (Ireland & Stephenson 2010, Su & Thomas 2015, St. John et al, 2016, 
Nasekhian & Feiersinger 2017). 

Research to date on composite SCL tunnels has focused on the mechanical properties of the 
interface (i.e. normal and shear stiffness and strength) under both dry and wet conditions (the 
two extreme moisture contents for the membrane) and the resulting degree of composite action 
observed in composite beams in the laboratory and expected between primary and secondary 
layers in a finished whole tunnel (Su & Bloodworth 2014, 2016, 2018, Bloodworth & Su 2018, 
Nakashima et al. 2015, Vogel, et al. 2017, Holter 2016, Holter & Geving 2016, Diez et al. 2019, 
Jung et al, 2017). This composite action leads to sharing of long-term loads such as ground- 
water pressure and consolidation ground loading between the primary and secondary layers for 
a whole composite SCL tunnel (Su & Bloodworth 2019, Su et al. 2019, Su & Bedi 2019, Pillai 
et al. 2017), and the effect of this load sharing on the load actions in the individual lining layers 
has been explored. For these whole composite SCL tunnels numerical modelling cases, the 
long-term groundwater pressure was assumed to apply to the extrados of the primary lining 
and other potential locations of water pressure application (e.g. at the sprayed membrane extra- 
dos) were not considered. Hence, the risk of membrane debonding was not investigated. 

When sprayed waterproofing membranes are used in rock tunnels in rural areas where sur- 
face settlement is not a major concern, it is common to form an “umbrella” at the top part of 
the tunnel to regulate the groundwater released to the drainage pipes usually located at the 
bottom part of the tunnel. This waterproofing approach forms a “drained” tunnel and the 
membrane debonding is not a major concern for these tunnels. 
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In comparison, when used in tunnels in urban areas where the surface settlement needs to be 
minimised, the sprayed waterproofing membrane is usually sprayed around the entire tunnel 
periphery, forming a “fully tanked” tunnel when entirely within low permeability ground (e.g. 
Crossrail Bond Street and Tottenham Court Road stations) (Batty et al. 2016). Alternatively, 
the sprayed membrane may be applied only to the upper part, combined with a sheet water- 
proofing membrane at the lower part of the tunnel (e.g. Crossrail Liverpool Street and White- 
chapel) (Wu et al. 2017) where the permeable ground causes difficulty in applying the sprayed 
membrane (e.g. primary lining intrados becoming too damp due to water ingress). 

The Crossrail project is a major milestone for the wide acceptance and application of 
sprayed waterproofing membranes and permanent sprayed concrete primary and secondary 
linings in the UK tunnelling industry. This so-called composite SCL lining was adopted 
mainly for its claimed benefit of overall lining thickness reduction due to composite action 
when compared with traditional SCL tunnels with sacrificial primary lining and the sheet 
waterproofing membrane. Several conservative assumptions were made at the design stage 
due to the lack of understanding of how composite lining behaves and the testing data on the 
sprayed waterproofing membrane interface. One specifically related to the sprayed water- 
proofing membrane was that the double-bonded sprayed waterproofing membrane would be 
assumed to behave like a sheet waterproofing membrane. Hence, neither tension nor shear 
bond was assumed in the design. This was seen as a “conservative” assumption because it was 
a general perception that composite action is beneficial to the tunnel lining. 

With further research undertaken over the last fifteen years, it is now understood that the com- 
posite action is not always beneficial, especially for the tunnel’s secondary lining. The higher the 
degree of the composite action, the greater the tensile stress generated in the secondary lining at 
certain lining positions, where cracks might occur (Su et al. 2019). This may result in 
a compromise of lining durability. In addition, little overall lining thickness reduction has been 
achieved between traditional SCL tunnels with temporary sprayed concrete primary lining and 
sheet waterproofing membrane and for Crossrail composite SCL tunnels with the “conservative” 
assumption on the sprayed waterproofing membrane. Meanwhile, it has been numerically proven 
that the composite SCL tunnel secondary lining can be significantly reduced if the double bond 
nature of sprayed waterproofing membrane is assumed in the design (Bloodworth & Su 2018). 

On the other hand, debonding of sprayed waterproofing membrane is a practical concern. Cur- 
rently, there is a lack of long-term testing data on the tensile bond of the sprayed waterproofing 
membrane based on an appropriate testing method that ensures correct stress status at the con- 
crete-membrane interface and within the sprayed membrane itself. Therefore, it is a real challenge 
to design composite SCL tunnels to account for all different sprayed waterproofing membrane 
bonding and debonding conditions. This paper tries to answer this question by presenting the 
results of a numerical study of various sprayed waterproofing membrane debonding scenarios. 


2 NUMERICAL STUDY 


2.1 Numerical model 


This section presents the information on the analysed composite SCL tunnel in a typical over- 
consolidated ground (e.g. London Clay). A whole tunnel model as in Bloodworth and Su (2018) 
was set up, with a 10.8m diameter tunnel in a 140m wide by 58m deep ground, simulating the 
membrane interface using the FLAC “interface” function. Both the primary and secondary lin- 
ings are 300mm thick. The modelling details, including the constitutive models for the soils, the 
early-age stiffness development of SCL, the density of mesh and boundary conditions can be 
found in Bloodworth and Su (2018). The complete FLAC model grid is shown in Figure | and 
the detail of the tunnel is shown in Figure 2. The choice of key properties of the membrane inter- 
face used in this study is described below. Holter (2016) reported short-term wet membrane inter- 
face shear stiffness K, = 0.3-0.35 GPa/m, which could be reduced to 0.15-0.2 GPa/m (~10% of 
long-term ‘dry’ membrane shear stiffness) if a creep factor of 2 is applied. Diez et al. (2019) 
reported an incremental displacement short-term wet membrane interface tensile stiffness K,, of 
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0.4-1.3 GPa/m (for a 3mm - 10mm range of interface thickness). For this study, the lower bound 
of 0.4 GPa/m and 0.2GPa/m are used for the K, and K, to represent a wet membrane. 


120m ATD 
Made ground 
z 
London Clay 58m 


Excavated tunnel 10.8m External diameter 


- 140m : | 


Figure 1. Complete FLAC model grid (Bloodworth and Su 2018). 


London Clay 
Primary lining top heading 
Secondary lining top heading 


Primary lining bench 
Secondary lining bench 


Secondary lining invert 
Primary lining invert 


Figure 2. FLAC model of whole composite SCL tunnel (Bloodworth and Su 2018). 


The interface is modelled as linear elastic-perfectly plastic with tensile and shear strengths of 0.8 
MPa and 2.0 MPa respectively. For the unbonded membrane parametric study, the low tensile 
strength of 0.1 MPa has been assumed for the designated sprayed membrane unbonded area. 
Water pressure is assumed to apply to the extrados of the sprayed membrane. This will enable 
debonding of the sprayed membrane with low tensile strength under groundwater pressure. 
debonding 

Bloodworth and Su (2018) found that providing the sprayed waterproofing membrane is still 
bonded in the long term, the secondary lining will be in a combination of small axial force and 
relatively large bending, potentially resulting in lining cracks on the crown. They suggested that 
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the secondary lining should be reduced to less than 50% of the primary lining thickness to avoid 
the occurrence of long-term consolidation load-induced secondary lining cracks. The next sec- 
tion presents a numerical parametric study on the same SCL tunnel with a reduced 150mm 
thick secondary lining under various sprayed membrane debonding scenarios. 


2.2 Parametric study plan 


The parametric study will use the same FLAC whole tunnel lining model as described in Sec- 
tion 2 but with the secondary lining thickness being reduced to 150mm, which is 50% of the 
primary lining thickness. This presents a realistic lower bound of secondary lining thickness 
that still permits anchor installation for other equipment. SNo. composite SCL (abbreviated 
as CSL) models were analysed, with their key assumptions listed below in Table 1. 


Table 1. Numerical parametric study plan. 


No. Bonding scenarios Bonding conditions 

1 fully bonded Fully bonded 

2 fully debond Whole tunnel debonded 

3 crown_debond Debonded above axis level 

4 bottom debond Debonded below axis level (i.e. bench + invert) 
5 invert debond Debonded only at invert 


2.3 Lining action results 


Figures 3-4 show the unfactored total axial forces in the primary and secondary lining respect- 
ively. The fully bonded and fully debonded cases present the upper and lower bound results for 
all analysed cases. For the former case, as long-term groundwater pressure is applied to the pri- 
mary lining, its secondary lining shares a maximum of 25% of the total axial force at the tunnel 
axis level (i.e. 400kN in the secondary lining and 1200KN in the primary lining). For the latter 
case, as the long-term groundwater pressure is applied to the secondary lining, its primary 
lining axial force has reduced significantly, and the load-sharing ratio is reversed (i.e. the 


1,400 + 


1,200 


1,000 +— 


Primary lining axial force (kN) 
+ve compression 


0 4 | 
| 
200 -— — Lh — J 
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Position around tunnel lining 
XxX CSL_wet_fully bonded ® CSL_wet_fully debond CSL_wet_heading_debond 


CSL_wet_bottom debond CSL_wet_invert_debond 


Figure 3. Primary lining axial force results. 
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primary lining now shares a maximum of 25% of the total long-term load). For partially 
debonded cases, axial forces are close to the fully bonded results at the bonded section whilst 
close to the fully debonded case results at the debonded section. This trend can be observed for 
both primary and secondary linings axial forces as well as bending moments, as shown in Fig- 
ures 5-6. However, there are almost no differences in bending moment in the zone between 
crown and knee for all fully bonded, partially debonded and fully debonded cases, except 
between the knee and invert, as shown in Figures 5-6. This would imply that the tunnel lining 
deformation (i.e. the curvature of the lining) for all the analysed cases is similar. 
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Figure 4. Secondary lining axial force results. 
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Figure 5. Primary lining bending moment results. 
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Figure 6. Secondary lining bending moment results. 


All lining actions for analysed cases are factored by 1.35 following the principle set 
out by Eurocode 0 (BSI 2002) for the Ultimate Limit State capacity check. Figures 7-8 
show that the fibre-reinforced 300mm thick primary lining and 150mm thick secondary 
lining sections (not including the invert) are capable to resist long-term lining actions. 
Principal tensile stress calculated based on the unfactored lining actions suggests that no 
cracks will occur in the secondary lining. Figure 9 shows the 500mm thick invert 
requires B20@200 bar reinforcement at the near face (i.e. top surface) of the invert to 
resist the long-term groundwater pressure-induced heave bending moment (around 
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Figure 7. MN interaction diagram for the 300mm thick primary lining. 
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500kNm) for the cases where the membrane interface at the invert section is debonded. 
The results show that even when the sprayed waterproofing membrane is fully debonded 
around the whole periphery of the tunnel and the groundwater pressure is therefore 
applied only to the secondary lining, a secondary lining with reduced thickness (150mm 
in non-invert section compared with the current design thickness of 300mm) can satisfy 
the Ultimate Limit State check. 
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40 50 60 
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Figure 8. MN interaction diagram for the 150mm thick secondary lining (not including invert). 
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Figure 9. MN interaction diagram for the 500mm thick secondary lining invert only. 
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3 CONCLUSIONS 


As a relatively new construction material, the use of sprayed waterproofing membranes in 
composite SCL tunnels presents numerous challenges to designers. The robustness of the ten- 
sile bond of sprayed membrane interface is the key to the integrity of the composite SCL 
tunnel. Until now and based on the author’s knowledge, there is uncertainty regarding the 
bonding condition of the sprayed waterproofing membrane under long-term groundwater 
pressure. This leaves the designer in an awkward position. If the full tensile bond is assumed, 
the secondary lining will need to be designed thin enough to avoid waste on construction 
materials and the occurrence of cracks induced by long-term consolidation. If no tensile bond 
is assumed, the secondary lining will need to be designed thick enough to resist the long-term 
groundwater pressure. 

This paper presents a numerical parametric study on a typical composite SCL tunnel under 
various sprayed membrane debonding scenarios. With the experience from previous research, 
the secondary lining has been reduced to a thickness that both avoids the risk of potential 
cracks at the crown and satisfies the practical requirements for internal anchor installation. 
The numerical investigation shows that, even when the membrane interface is fully debonded 
along the whole tunnel periphery, the secondary lining will still be able to satisfy both the 
Ultimate Limit State and Service Limit State criterion. This approach can be used for the 
evaluation of the robustness of other composite SCL tunnels. Future research on the long- 
term robustness of sprayed waterproofing membranes under groundwater pressure should be 
carried out to eliminate the uncertainty on the long-term bonding condition for the sprayed 
waterproofing membrane within Composite SCL tunnels. 
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Stress status of sprayed waterproofing membrane under 
groundwater pressure within composite SCL tunnels 
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ABSTRACT: Groundwater pressure is the main cause of debonding (i.e. tensile failure) of the 
sprayed waterproofing membrane interface within composite sprayed concrete lined (SCL) tun- 
nels. The debonding could lead to the groundwater pressure being resisted by the thin secondary 
lining alone, causing concerns about its stability. Therefore, it is critical to understand the stress 
status and potential failure mechanisms of the sprayed membrane interface and the practical 
implications of membrane testing methodology. The paper first reviews the status of the com- 
posite SCL research and identifies the most critical issue that prevents it from wider application. 
It then presents a conceptual relationship between the possible groundwater pressure application 
locations and the stress state and hence potential failure mechanism of the membrane interface 
in composite SCL tunnels. The current membrane interface tensile strength testing methodology 
is then reviewed. Suggestions are made for the improvement of the testing methodology. 


1 INTRODUCTION 


A double-bonded sprayed waterproofing membrane (i.e. with assumed tensile and shear bond 
to both primary and secondary layers) has been constructed together with permanent primary 
and secondary concrete lining layers to form composite sprayed concrete lined (SCL) tunnels 
in several major projects (Ireland & Stephenson 2010, Holter 2014, Lyons et al. 2014, Su & 
Thomas 2015, St. John et al. 2015, Nasekhian & Feiersinger 2017). 

Research to date on composite SCL tunnels has focused on the mechanical properties of the 
interface (i.e. normal and shear stiffness and strength) under both dry and wet conditions (the 
two extreme moisture contents for the membrane) and the resulting degree of composite 
action observed in composite beams in the laboratory and expected between primary and sec- 
ondary layers in a finished whole tunnel (Su & Bloodworth 2014, 2016, 2018, Bloodworth & 
Su 2018, Nakashima et al. 2015, Vogel, et al. 2017, Holter 2016, Holter & Geving 2016, Diez 
et al. 2019, Jung et al. 2017). This composite action leads to sharing of long-term loads such 
as groundwater pressure and consolidation ground loading between the primary and second- 
ary layers for a whole composite SCL tunnel (Su & Bloodworth 2019, Su et al. 2019, Su & 
Bedi 2019, Pillai et al. 2017), and the effect of this load sharing on the load actions in the indi- 
vidual lining layers has been explored. For these whole composite SCL tunnels numerical 
modelling cases, the long-term groundwater pressure was assumed to apply to the extrados of 
the primary lining and other potential locations of water pressure application (e.g. at the 
sprayed membrane extrados) were not considered. Hence, the risk of membrane debonding was 
not investigated. Meanwhile, the use of sprayed waterproofing membrane in composite SCL 
tunnels has so far been limited to area without seismic effect, which could result in 
membrane debonding as well. Hence, this material and lining configuration need further 
validation in seismic prone areas, which is outside of the scope of this paper and will be 
addressed separately in the future. 
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When sprayed waterproofing membranes are used in rock tunnels in rural areas where sur- 
face settlement is not a major concern, it is common to form an “umbrella” at the top part of 
the tunnel to regulate the groundwater released to the drainage pipes usually located at the 
bottom part of the tunnel. This waterproofing approach forms a “drained” tunnel. Recent 
research has shown that the in situ monitored groundwater pressure gradually reduces to 
a value that is close to zero within the hard rock zone immediately surrounding the drained 
tunnel (Holter, 2014). Therefore, the long-term groundwater pressure is not a major concern 
for these tunnels from a water pressure application perspective. 

In comparison, when used in tunnels in urban areas where the surface settlement needs to 
be minimised, the sprayed waterproofing membrane is usually sprayed around the entire 
tunnel periphery, forming a “fully tanked” tunnel when entirely within low permeability 
ground (e.g. Crossrail Bond Street and Tottenham Court Road stations) (Batty et al. 2016). 
Alternatively, the sprayed membrane may be applied only to the upper part, combined with 
sheet waterproofing membrane at the lower part of the tunnel (e.g. Crossrail Liverpool Street 
and Whitechapel) (Wu et al. 2017) where the permeable ground is present causing difficulty in 
applying the sprayed membrane (e.g. primary lining intrados becoming too damp due to 
water ingress). 

For “fully tanked” tunnels, the location of application of the long-term groundwater pres- 
sure becomes an important design issue as it determines the load actions in the lining and gov- 
erns the lining thickness. Several questions have been asked by tunnel designers: 


e Where should the groundwater pressure be assumed to apply? 

e What are the stress states and hence the potential failure mechanisms of the membrane 
interface under the various possible groundwater pressure application locations? 

e What is the impact of groundwater pressure application locations on lining actions? 


This paper aims to answer the above questions and its structure is as follows: 


e Understanding the functions of the membrane interface in composite SCL, where the water 
pressure is likely to act within the lining in the long term, and the resulting stress states and 
potential failure mechanisms of the membrane and the membrane interface 

e Discussing the practical implication of the results 


This paper focuses only on fully tanked composite SCL tunnels where drainage into the 
tunnel is not permitted in the long term. This applies in low permeability ground (e.g. London 
clay) or in the permeable ground such as weak rock where there may be temporary drainage 
in the short-term during construction which is turned off once the lining is complete. This 
paper is a concise version of a full journal paper published by Su & Bloodworth (2022). 


2 TENSILE FAILURE MECHANISM OF MEMBRANE INTERFACE 


2.1 Functions of the membrane interface in composite shell linings 


A composite shell lining physically comprises primary and secondary linings with sandwiched 
spray-applied membrane. From a structural perspective, there are two interfaces between the 
membrane and the concrete linings — the primary-membrane and secondary-membrane inter- 
faces (referred to as the primary and secondary interfaces respectively from now on). Concep- 
tually, the sprayed membrane and the two interfaces can be together described as the 
‘membrane interface’, which has significantly lower mechanical properties (i.e. strength and 
stiffness) than the concrete layers on each side and hence has been the focus of research on the 
past ten years (Dimmock et al. 2011, Su & Bloodworth 2014, 2016, Holter 2016, Diez et al. 
2019). The definitions of these terms and the relationships between them are shown in 
Figure 1. 

The membrane interface functions on two levels in the composite shell lining, as shown in 
Figure 2. The first level is to ensure the primary and secondary linings work compositely with- 
out failure occurrence at the membrane interface, which is a prerequisite for the second level 
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function. The second level is in the determination of the lining forces (i.e. axial force and bend- 
ing moment) induced in the primary and secondary linings under various loading conditions 
as a consequence of the composite action. 

This paper focuses on the first level function of the membrane interface, specifically on the 
tensile failure (i.e. debonding) of the membrane interface caused by the application of water 
pressure. Detailed discussion on the second-level function and shear failure of the membrane 
interface is out of the scope of this paper but reference may be made to Su and Bloodworth 
(2016, 2018) and Bloodworth and Su (2018). 


co | Primary-membrane 
| interface 
| Secondary-membrane 


interface 


Membrane interface 


Figure 1. Definition of technical terms in composite shell lining. 


Membrane interface 
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Figure 2. Functions of the sprayed waterproofing membrane interface. 


2.2 Interface stresses resulting from water pressure application 


To numerically simulate and thus calculate the state of the membrane interface during the life 
of the composite lining, an understanding of the loading conditions during that life is needed. 

With consideration of variation in permeability of permanent sprayed concrete primary 
lining (e.g. presence of construction joints and cracks due to different levels of workmanship 
and quality control) and the fact that the membrane exhibits significant water absorption and 
can pass water vapour although it is impermeable to liquid water flow (Holter & Geving 
2016), there are three possible locations where the water pressure may apply. These are at the 
primary lining extrados, membrane extrados and secondary lining extrados. This section con- 
siders the stress states of the sprayed membrane and the two interfaces in the normal direction 
under each of these scenarios. 
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Figure 3 shows three people holding each other’s hands and two vertical bars. From left to 
right, the people represent the primary lining, sprayed membrane and secondary lining 
respectively. The holding hands between people represent the interface between the membrane 
and two linings. The vertical bars represent the axial stiffness of the primary and secondary 


Primary-membrane Secondary-membrane 
interface interface 


Primary Lining Membrane Secondary Lining 


Case 1 


Primary-membrane Secondary-membrane 
interface interface 


+ 


IN Ae A 


Primary Lining Membrane Secondary Lining 


Case 2 


Primary-membrane Secondary-membrane 
interface interface 


Water 
Pressure 


Primary Lining Membrane Secondary Lining 


Case 3 
chs Tension == Compression 


Figure 3. ‘Holding hands’ analogy for load effects in membrane interface. 
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linings, which will generate internal strains and hence internal stresses to resist any external 
loading. As a first-level analogy, no ground loading but only water pressure is considered. 
Self-weight is neglected. Primary and secondary linings are assumed to have an equal thick- 
ness so therefore equal axial stiffness. 

In Case 1, when water pressure applies to the primary lining extrados, the primary lining 
will resist a certain percentage of the water load while the remainder will transfer via the 
membrane and be resisted by the secondary lining. The percentage transferred is determined 
by the stiffness ratio between the two linings and the waterproofing membrane. In this case, 
both linings, membrane and the two interfaces are in compression in the normal direction 
(i.e. radially). In Case 2, when the water pressure applies to the membrane extrados, the 
membrane, the secondary lining and the secondary-membrane interface will be under com- 
pression, but the primary lining and the primary-membrane interface will be under tension. 
Similarly, for Case 3, when water pressure applies to the secondary lining extrados, apart 
from the secondary lining, all others will be in tension. Now if we consider superposing the 
effect of short-term ground loading on the primary lining, its stress state should change 
from tension to compression for all three cases. Furthermore, at the tunnel crown area, in 
Cases 1 and 2 the membrane and the secondary-membrane interface could be in tension due 
to the self-weight of the secondary lining. Nevertheless, general conclusions may be drawn 
on the water pressure application location and the stress state it induces in the sprayed mem- 
brane and the two interfaces, as summarised in Table 1. 


Table 1. Water pressure application location and resulting membrane interface load effects 
in the normal direction. 


Water pressure Primary Sprayed Secondary 
Case No. application location interface membrane interface 
1 Primary lining extrados Compression Compression Compression 
Membrane extrados Tension Compression Compression 
3 Secondary lining extrados Tension Tension Tension 


2.3 Potential failure mechanisms of tensile bond 


This section explains the potential failure mechanism of the membrane interface in tension in 
light of the discussion in the previous section. Su and Bloodworth (2016) in experimental 
work noted three possible locations where the membrane interface can fail in tension: 


° Interface between membrane material and primary (Type 1, adhesive failure) 
¢ Within membrane material (Type 2, cohesive failure) 
¢ Interface between membrane and secondary (Type 3, adhesive failure) 


Su and Bloodworth (2016) and Holter (2016) reported Type 1 adhesive failure as the main 
failure mechanism for both dry and wet membranes under short-term uniaxial direct tension. 
Diez et al. (2019) reported Type 2 cohesive failure as the main failure mechanism for wet mem- 
branes under long-term (approx. 14 days) uniaxial direct tension achieved by hanging 
a weight beneath the composite samples. An assumption made by researchers conducting tests 
has been that the membrane interface would be in tension at some locations in the composite 
lining. 

Integrating the above thoughts on the location of failure with the holding hands analogy 
presented in Section 2.2, Table 2 deduces the failure mechanisms possible in the membrane 
interface as a function of water pressure application location. Because water pressure applied 
to the primary lining extrados cannot cause tensile failure in the interface, only the other two 
scenarios will be discussed from now on. In both, the sprayed membrane can be in a wet con- 
dition. A numerical model of these scenarios would need to enable the presence of the relevant 
failure mechanisms from Table 2 to be determined from the modelling results. 
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Table 2. Water pressure application location and possible resulting membrane interface 
failure mechanisms. 


Type 1 Type 2 Type 3 


adhesive cohesive adhesive 
No. Water pressure application failure failure failure 
1 Primary lining extrados X X X 
Membrane extrados y X X 
3 Secondary lining extrados y y y 


3 DISCUSSIONS 


This paper has established a conceptual relationship between groundwater pressure applica- 
tion location and potential failure mechanisms of the membrane interface. This section dis- 
cusses the practical implications of groundwater pressure-induced failure at the membrane 
interface, considering first testing and then design philosophy. 


3.1 Implications for design by testing 


Because three different possible groundwater application scenarios are allowed for, the con- 
cepts discussed in this paper do not apply just to one type of membrane product. Tunnel 
designers usually believe that the actual groundwater application scenario should be either 
at the primary lining extrados (for locations with no cracks or construction joints) or the 
sprayed waterproofing membrane extrados (for locations with cracks or construction 
joints). Taking a conservative and practical view, the groundwater pressure is usually 
assumed to apply to the membrane extrados, which should lead to a tensile failure at the 
primary interface. 

So far, uniaxial direct tension tests have been used to obtain the membrane interface tensile 
strength under both dry and wet conditions. This testing method is certainly suitable for the 
membrane under short-term loading under both dry and wet conditions because it causes ten- 
sile failure at the primary interface (Su & Bloodworth 2016; Holter 2016) which is the failure 
mechanism expected when the groundwater pressure is applied to the membrane extrados. 
However, long-term uniaxial tests on samples with a wet membrane interface (Diez et al. 
2019) show a tensile failure of the membrane itself rather than at the primary interface, which 
is not the mechanism expected in the actual tunnel because the membrane is normally in com- 
pression. A testing configuration needs to be designed for the wet membrane situation that 
causes the primary interface to be under tension whilst keeping the membrane itself under 
compression, to replicate the real situation when the groundwater pressure is applied to the 
membrane extrados. 


3.2 Implications to the waterproofing reliability 


The normal assumption in the industry is that the groundwater pressure is assumed to apply 
to the sprayed waterproofing membrane extrados. Under this loading condition, based on the 
“holding hands” analogy and the subsequent numerical analysis results, the primary interface 
should be under tension and the membrane itself and the secondary interface should be under 
compression. Under this circumstance, if the membrane’s adhesive and cohesive strength 
under all conditions is significantly greater than the groundwater pressure, there will be no 
tensile failure occurring. Otherwise, this stress state in the membrane interface will result in 
a potential tensile failure at the primary interface. On the other hand, there is uncertainty on 
whether the groundwater pressure will penetrate through the membrane and apply to the sec- 
ondary lining extrados, resulting in a tensile failure mechanism within the membrane itself. 
Consideration should be given to both of these failure mechanisms. 
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If the membrane manufacturer can demonstrate that the groundwater pressure cannot 
penetrate through the membrane and instead applies to the membrane extrados, there will be 
no cohesive tensile failure within the membrane but only adhesive failure at the primary inter- 
face. If the manufacturer cannot demonstrate it, the designer will have to assume the water 
pressure applies to the secondary lining extrados, leading potentially to cohesive failure within 
the membrane, because this type of failure may have more serious consequences. 

From the structural stability perspective (Ultimate Limit State criterion), both potential 
failure mechanisms will result in partial or full debonding of the membrane and loss of com- 
posite action. This will lead to long-term groundwater pressure being solely resisted by the 
secondary lining. The designer will need to ensure that the selected sprayed membrane has 
a large safety margin in terms of the ratio between the tensile bond of the membrane interface 
and the maximum applied groundwater pressure. Otherwise, debonding analysis will need to 
be analysed to ensure there will be no structural stability problem for the secondary lining. 

From the watertightness perspective (Serviceability Limit State criterion), the two potential 
failure mechanisms have different implications. Under primary interface failure, watertight- 
ness should not be compromised. Figure 4 shows the outcome of a tensile test where the pri- 
mary has been pulled off and removed, leaving the membrane and secondary below. ‘a’ shows 
a ‘thin’ membrane (i.e. thickness less than 6mm) and ‘b’ a ‘thick’ (i.e. thickness equivalent to 
or greater than 6mm). Although cohesive failure has occurred in the membrane in both cases, 
watertightness has not been compromised in either case. This is because a continuous layer of 
membrane is still present over the entire area of the secondary. The thick membrane has 
higher watertightness reliability as the debonded membrane is thicker with less chance of 
being penetrated by any steel fibres protruding through the regulating layer spray (as can be 
seen in Figure 4a near the centre). 

In comparison, under membrane cohesive tensile failure, watertightness is likely to be com- 
promised, as the membrane will be torn apart creating a potential water path from its extrados 
to intrados. Clients may accept the primary interface debonding as the worst possible design 
scenario but are unlikely to accept membrane cohesive tensile failure. Therefore, the mem- 
brane manufacturer will need to demonstrate the water pressure applied to the membrane 
extrados and a suitable minimum thickness of sprayed membrane should be specified to 
ensure that there will be no compromise in terms of waterproofing function in the event of an 
accidental tensile debond. 


Figure 4. Tensile debonding occurring at the primary interface (a — thin membrane, b -thick 
membrane). 


4 CONCLUSIONS 
As a relatively new construction material, sprayed waterproofing membrane presents two 


main challenges to tunnel designers: (1) conceptual understanding of its behaviour and failure 
mechanism, and (2) selection of appropriate numerical simulation methods and interpretation 


1009 


of the quantitative results. This paper tries to facilitate an understanding of these issues by 
first introducing the functionality of the sprayed waterproofing membrane and its potential 
failure mechanisms under various groundwater application scenarios using a “holding hand” 
analogy. This paper then describes two numerical modelling approaches and shows how their 
output aligns with the conceptual framework. The implications of these findings on the mod- 
elling, testing and waterproofing reliability have been discussed. The overall conclusions of 
the study are as follows: 


¢ The location of the application of the long-term water pressure has a major impact on the 
stress states of the membrane material and its interfaces with the concrete on each side. 
When water pressure is assumed to be applied to the membrane extrados (the most 
common assumption), the membrane itself will be under compression but the membrane- 
primary lining interface will be in tension; the latter is not always observed in numerical 
modelling results which can therefore be misleading unless care is taken to understand the 
implications of how the interface is modelled. However, the groundwater application loca- 
tion has little impact on the actions in the linings, provided the membrane is not debonded. 

e The tensile failure mechanism of the membrane interface has a significant impact on the 
experimental design of membrane interface tests, which is required to simulate the correct 
stress states of the two interfaces and the membrane itself. 

« The two possible tensile failure mechanisms of the membrane interface (failure within the 
membrane itself and failure of the bond to the primary lining) will both lead to loss of com- 
posite action but have important different consequences for the tunnel watertightness. 
Membrane manufacturers need to demonstrate where the water pressure is applied for their 
membrane products to provide confidence in the ultimate failure mechanism. A suitable 
minimum thickness of sprayed membrane should be specified by designers to ensure the 
waterproofing function will not be compromised even when a membrane debonding occurs 
accidentally. 
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ABSTRACT: A probabilistic approach is undertaken to incorporate uncertainty into the 
geotechnical design of a tunnel through gneissic environments in Northern Greece to deter- 
mine optimum support measures. The gneissic unit, part of the Pelagonian formation, varies 
significantly from fresh to completely weathered and massive intact to disintegrated rock 
mass. Such geological conditions result from intense tectonic compression and ongoing struc- 
tural activity. Firstly, the various lithological types for gneissic environments are defined 
based on literature. Regression analysis is then employed on the raw primary gneissic data to 
determine the relationship of the intact rock strength parameters (Young Modulus and intact 
strength). The most probable rock strength parameter values are assessed based on the results 
of intensive probabilistic analyses. Based on these values, rock mass strength parameters are 
then determined utilising the generalised Hoek-Brown failure criterion. At the same time, 
the second series of probabilistic analyses are performed to reduce uncertainty. Finally, the 
lowest, most probable and mean rock mass parameters, coupled with intact strength param- 
eters, are tabulated through a lognormal distribution. At this stage, various analyses of the 
structural data (i.e. discontinuity sets, weathering grade, RQD) are carried out to determine 
Geological Strength Index (GSI) values to assist in defying Rock Mass Types. Moreover, the 
Rock Mass Behaviour Types are determined based on the expected tunnel behaviour due to 
the structural and stress environments. These behavioural conclusions and parameters are 
then used as input data for numerical analysis (2D) using RS2 and Unwedege. Finally, based 
on the most probable total displacements and the input parameters, a preliminary design of 
support measures to determine the most optimum combinations possible. 


1 INTRODUCTION 


Uncertainty is a major concern in Tunnelling and Underground Engineering, where the complex 
and variable nature of the ground, commonly increasing in complexity with depth, can be very 
problematic and highly costly at times (Paraskevopoulou & Benardos, 2012; 2013; Paraskevopou- 
lou and Boutsis, 2020). In particular, in highly tectonic environments with various structural and 
stress conditions, uncertainty in tunnel design can populate exponentially (Paraskevopoulou et al. 
2020; 2022). The gneissic environment along the Egnatia Odos highway located in Northern 
Greece is one such domain that is significantly disturbed and highly varied from intact rock 
masses and completely weathered disintegrated to laminated rock masses. This study aims to 
incorporate uncertainty in the design when tunnelling through gneissic environments adopting 
a probabilistic approach using data from the already constructed tunnels in Egnatia Odos High- 
way located in such environments. 
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2 BACKGROUND 


2.1 Uncertainty in tunnelling 


Uncertainty exists in all geotechnical projects, occurring in different forms and different levels 
through the various stages of the project, such as the analysis and design stages. Uncertainty 
can only be reduced, not removed completely, to an acceptable level by collecting more informa- 
tion from its source and effectively increasing knowledge on it (Paraskevopoulou and Boutsis, 
2020). Figure 1 illustrates the various level of uncertainty in a tunnelling scenario. The most 
important and impactful level is the ‘known unkowns’, the things that we know that they exist, 
but we don’t know, shown in yellow. This level of uncertainty in tunnelling represents the quan- 
tification of the problem and involves the determination of intact rock and rock mass param- 
eters, structural features, in situ conditions etc. Most of these factors, if not all are relatively 
easy to determine during the preliminary stage of the design during the Geological Investigation, 
In situ and laboratory testing. The latter can move to the “known knowns’ level shown in green 
if consideration is taken to determine and define this. Ultimately, the yellow level can be 
reduced. Unfortunately, the “unknown unknowns’ level in red, it is the uncertainty that cannot 
be removed as it represents all the discrete anomalies and hazards that cannot be predicted and 
it is considered to be the residual uncertainty (Paraskevopoulou and Boutsis, 2020). It is implied 
from the latter that the only level that can be reduced is the ‘known unknowns’. 


Tunnelling scenario 


L 


[e] 
= 


Uncertainty Level 


Figure 1. Design uncertainty levels associated with a tunnelling scenario (presented in Paraskevopoulou 
and Boutsis, 2020; modified from Langford 2013). Original quotes are from former US Secretary of 
Defence Donald H. Rumsfeld. 


According to Dunn (2013) there are four steps to be followed to deal with uncertainty: 1) 
recognition of uncertainty; 2) recognizing and embracing the fact that not all uncertainty can 
be eliminated; 3) determining the cost of uncertainty and 4) designing methods to reduce the 
uncertainty. The Austrian Society of Geomechanics (2010) developed further Schubert’s and 
Goricki (2004) approach to determine the uncertainty in tunnelling. Marinos et al. (2019) sim- 
plified this approach by including a few more steps. Parakevopoulou et al. 2021 adopted Mar- 
inos et al. and analysed the uncertainty when tunnelling in undisturbed lithologic ally though 
varied sedimentary environments, like the molassic environment. 

In 1992 Carter introduced for the first time how the risk of the unforeseen problem decreases 
with increasing the level of geological information (increasing the ‘known-knowns’ level), shown 
in Figure 2.a. Many years later Venturini et al. 2019 (Figure 2.b) developed this further by adding 
the levels of geological (inherited) complexitiy while Carter and Marinos (2020) quantified the 
risk of the unforeseen problem in relation to the reduction of uncertainty with geological know- 
ledge acquisition by performing numerical analysis and sophistication design (Figure 2.c and d). 
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Figure 2. Inverse relationship between the geological risk and site investigation by a. Carter (1992), 
b. modified by Venturini et al. 2019 relating the geological complexity, c. “real” project risk reduction, 
and d. limited risk reduction due to increased design sophistication (c. and d. from Carter and Marinos, 
2020); presented in Paraskevopoulou et al. 2022. 


2.2 Tunnelling in gneissic rock masses 


Marinos (2007) categorised gneissic formation into eight rock mass types based on the 
weathering degree and lithological features to assist in assessing the rock mass behaviour 
when tunnelling through these heterogeneous environments. Table | shows the eight 
gneissic types. In summary, in tectonically disturbed environments, gneissic formations 
have been sheared or schistose creating foliated structures. The latter structurally affects 
the surface of the discontinuities here; foliation planes while weathering alters the intact 
rock bridges, which are then filled with soil. Furthermore, when not disturbed, gneissic 
rocks are characterized by reduced porosity and low permeability. In the case of tectonic 
activity, with promoted weathered rates, this is not the case as water can flow through 
the discontinuity network exacerbating the overall mechanical behaviour. In less wea- 
thered (I-III) where gneiss and/or schistose governs structurally controlled failures are 
anticipated in underground environments, as weathering is only limited to the discon- 
tinuity surfaces while the intact rock can remain competent. For more weathered Rock 
Mass Types (V, VI, VII) the failure mechanism is related mainly to multi-surfaces due 
to the development of weakness zones such as faults in schistose-rich areas, etc. 
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Table 1. Gneiss rock mass types categories I-VIII, field examples, weathering descriptions, and intact 


rock strength parameters (modified from Marinos and Drosos, 2010). 


Field Example, 


Rock Type Imagery 


Description (Weathering + Structure) 


Intact Rock 
Strength, Sc; MPa 
(designated range) 


Type I 


Type II 


Type I 


Type IV 


Type V 


Type VI 


Type VII 


Type VIII 


Fresh Gneissic + minor fracture, generally 


very tight structure 


Slightly weathered, weathering mainly at 
discontinuities increasing blocky-ness + one 


or two fracture set 


Slightly weathered schistose gneissic rock 
mass + foliation planes, clay minerals more 
frequent, silty-sandy joints 


Medium to highly weathered weathered + 
loosened open discontinuities poor and 


rough surface 


Moderately weathered schistose gnessic rock 
mass + intensive fracturing with frequent 


gneissic bands 


Highly weathered gneissic rock extending to 
whole rock mass + micro tectonic structure 
with joints sandy-clay filing slabs 


Completely weathered + disintegrated 
structure with more clayey zones and 


highly altered foliations 


Foliated-sheared schistosed gneiss rock 


mass + schistosity 
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Very high: > 80-100MPa 


High: > 60-80MPa 


Relatively High: 
50-70MPa 


Medium to High: 
35-50MPa 


Becoming More 
moderate: 30-50MPa 


Medium to Low: 
5-35MPa 


Very low to low: 
0-5MPa 


Low: 0-20MPa 


3 AREA OF INTEREST & GEOLOGICAL SETTING 


The Egnatia Odos Highway is a high-standard axis that runs in a west-east direction through 
northern Greece, allowing Europe to connect with the various parts of Greece, shown in 
Figure 3. Egnatia Odos Highway has a total of 670 km, 77 twin-tunnels, and 600 bridges. The 
tunnels are 12m diameter covering 99 km of the Highway. They have been excavated with 
conventional tunnelling techniques, mainly drill and blast with top-heading and bench. 


Legend 


|_| Ionian Zone | | Pelagonian & Sub-Pelagonian Zone 


|_| Ossa Unit Axios Zone 


I) Pindos Zone Circum Rhodope Belt 


I Ophiolites Servo-Macedonian Massif 


; f Molasse Rhodope Massif 


Figure 3. Geotectonic zones of Northern Greece with the approximate alignment of the Egnatia Odos 
Highway illustrating the zone (Pelagonian) of interest in gneissic formation (modified from Mountrakis et al. 
1983). 


The primary focus of this work is the investigation of analysis of the mechanical 
behaviour while reducing the design uncertainty in the gneissic formation, such as the 
focus is the Pelagonian zone forming NNW-SSE shown in Figure 3. The Pelagonian 
zone consists of a crystalline basement of gneiss units, schists and amphibolities. This 
intense structural deformation is the main source of uncertainty in the gneiss unit. Evi- 
dence provided by Marinos and Drosos (2010), the completely weathered disintegrated 
to laminated gneissic rock masses, likely result from ongoing and sequent tectonic dis- 
turbance and compression. As previously mentioned, weathering is initiated from near- 
surface environments and propagates with depths to around 150 m below ground level, 
confirmed through borehole data. In areas away from fault and sheared zones, weather- 
ing is limited and close only to the surface. Additionally, in highly weathered gneiss, 
particularly at depth, the foliations can be coated with clay minerals, with apertures of 
discontinuities a few centimetres. Finally, Marinos and Drosos (2010) further highlight 
that completely weathered gneiss rock masses, show very little structure with clayey pres- 
ence and slurry of pieces of rock remnants, indicative of very low shear strength. 
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4 METHODOLOGY 


The gneissic rock dataset for the six tunnels in the gneissic environment along the Egnatia 
highway (S6, S7, S10, S11, S12, S13) is extracted from Marinos (2007) and Marinos et al. 
(2012). The methodology used herein have been adopted by Marinos et al 2019 and Paraske- 
vopoulou et al. 2021. The database used for this parametric analysis is the Tunnel Information 
and Analysis System (TIAS) of Egnatia Highway (Marinos et al. 2012), focusing only on the 
tunnels excavated in gneissic formations (e.g. tunnels: S6, S7, S10, S11, S12, S13). More specif- 
ically, Figure 4 shows analytically the methodology used in this study. 


Gneissic Data: Collection and Assimilation Selection of Geotechnically relevant 
parameters and Redistribution 


Determination of Rock Mass Types Discontinuity Ka Statistical Analysis of Geotechnical Parameters 
R 
(RMT) Selection of Analytical solution 


Distributing Intact rock strength properties 
Regression + Probabilistic Analysis 


Determination of Parameter Correlation 
Probabilistic Analysis 2 
Rock Mass Behaviour Types (RMBT) GSI Correlation © Distributing Rock mass properties 


Numerical Analysis 


Stability Analysis 
FEM (stress) Analysis Modelling of Support measures 
Assessment Geotechnical Rock Mass Behaviour Types and 
Failure modes 


Figure 4. Proposed methodology (simplified after the Austrian Society of Geomechanics, 2010) and 
adopted by Marinos et al. 2019 and Paraskevopoulou et al. 2021. 


First, a categorisation of the borehole data based on geological descriptions into Lithological 
Unit Types (gneiss, schistose gneiss and granitic gneiss) proposed by (Marinos, 2007) is per- 
formed. Then, a probabilistic analysis using the Point Estimate Method is done to the geotech- 
nical data of the intact rock samples to determine the Rock Mass Types (RMTs) and a second 
analysis pursues to determine Rock Mass Behaviour Types (RMBTs). Based on the anticipated 
tunnel behaviour, a two-dimensional numerical analysis using Finite Element Method (FEM) 
RS2 from Rocscience and structural analysis using UnWedge is conducted to quantify the prob- 
ability of the anticipated failure types. Over 70 different scenarios are modelled, displaying 
behaviour interpreted as stable, chimney, wedge failure and squeezing. Finally, the results from 
these analyses are used to determine and propose optimum support measures. 


5 SELECTIVE RESULTS 


Selective results from the analysis are shown in Figure 5, based on the borehole data and the 
Point Estimate Method analysis (previously mentioned). The results have confirmed the 
anticipated RMTBs, and four appropriate support systems have been proposed consisting of 
rockbolts, shotcrete, tunnel invert and in the worst case scenario of forepole umbrella. In the 
following results analysis of Rock Mass Type VIII is presented. Table 2 shows the proposed 
support system based on the probabilistic tunnel design analysis. 
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Table 2. Proposed Support measures for RMBT IV based on FEM analysis with RS2. 
RMBT RMT RMR Support RS2 


IV VII 22-37 Denser, heavier, and longer bolt pattern for RMT VII Up to 10m of systematic 
bolt, spacing 0.5-1m. Forepole umbrella (RS2 modelling limitation) 
For RMT VIII, additional fast ring closer required 


o 100 200 300 
50% = t 100% = 
z Pryce ate Unit Types n mmFfacdual Data goy x 
on Description intact Rock = 40% — Random Dataset 2 
Type Example Strength, ca/ MPa g” s S 
of 70% 2 
Gneiss: Unaltered 
Type! cabana: Very high z 30% e% § 
degree of weathering 2 80~ 100MPa 2 
Granitic Gneiss: High g” "s 5 
z n Containing granitic veins 20% 40% 
Type tt = = ma Saa hk cart 2 60-80MPa 5 S 
: Sia amphibolite 21% % 3% 2 
3 4 = = 
a ind 3 n or 3 
. me  Schistose Gneiss: Gneiss Tay a, 
| with schistosity or Relatively Hi 5% 
Type it IM) structured echiatose with a £ ox Laas: n i ó% È 
varying degree of a Bonon 
sane | PasStssaasssseneges 
Ga (MPa) 
ee° h 
E 100 8 a e o 
= e ° ° = 
E o o o © ô to} 3 60% 
150 
3 o o0% o © 2 40% 
m 8 © ©0-50m 20% 
YRR 4 200 ® ©50-100m 
Sor oF PAY PM NF Oh ©100-150m 0% 
ocm (MPa) 250 0150-200m J 
Total Ps RMT Vili 
Displacement 50 
min (stage): 0,000+00 m z “0 
0,00e+00 j 30 
20 
5. 30e-02 10 
1.066-01 s J os 1 z 
1.59e-01 A arsan g) 0 
2.12e-01 E mn JAEN 
2.656-01 A x y ja 
| n non j 10 
3.18e-01 A - re ANN , o 
replacooment (ra) — 8 p3 iW ng 


3,7le-01 


7 w 
4.24e-01 zy 
q 2 
4.77e-01 4 i a 
5.30e-01 | o 


Bax (stage): 5.27e-01 s 


Figure 5. Selective analysis results based on the adopted methodology from Marinos et al. 2019 and 
Paraskevopoulou et al. 2021. 


6 CONCLUDING REMARKS 
Uncertainty in gneissic rocks stems from the large-scale weathering and structural deformation 


along, where variability from a spectrum of fresh intact gneiss to completely weathered disinte- 
grated and laminated schistose gneiss is eminent. A probabilistic approach was adopted to 
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narrow down and select the most probable and lowest most propable intact and rock mass 
strength parameters (Sci, Ei, Ccm and E,m, respectively). The Point Estimation Method is used 
where the statistical moments (mode, mean and median) of the geotechnical design parameters 
and their percentage distributions, in lognormal format, are defined, comparatively against the 
normal distribution of parameters. The probabilistic approach adopted herein is recommended 
for use in other similar gneissic environments; however, it is advised that along with weathering 
grades and GSI, a greater variety of gneissic environments and combinations of RMT zones 
should be modelled to provide a greater understanding of RMBTs. A final probabilistic ana- 
lysis was conducted on the most probable total displacements, establishing the most probable 
and likely extent of displacements around four different sections of the tunnel. Modelling of 
preliminary support measures and thereby establishing a set of support categories. The support 
measures modelled are mostly in agreement with RMR classification of support and were con- 
sistent with recommendations of support. These support measures can be considered optimum 
for these types of RMTs of gneiss. Lastly, even though the approach undertaken in this study 
incorporates and quantifies uncertainty and goes some way to demonstrate its impact in geo- 
technical design (RMBTs and extent of displacement), the uncertainty in the ground remains. 
Within a disturbed and heavily weathered environment where conditions are practically unpre- 
dictable, it is understood some level of uncertainty is residual. This approach is recommended 
for use in other similar gneissic environments; however, it is advised that along with weathering 
grades and GSI, a greater variety of gneissic environments and combinations of RMT zones 
should be modelled to provide a greater understanding of RMBTs. 
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ABSTRACT: This paper describes the Nagdhunga Tunnel project, Nepal’s first conven- 
tional excavation road tunnel. The tunnel located near the boundary where the Indian Plate 
subducts into the Eurasian Plate. The geology was complex, with many faults in metamorphic 
rocks such as phyllite and metamorphic sandstone and alternating permeable and imperme- 
able layers. The design results based on the geological investigation and the current construc- 
tion status are shown below. 


1 OVERVIEW OF THE PROJECT 


1.1. Summary 


Approximately 80% of Nepal’s land area is mountainous, and 90% of the country’s transporta- 
tion depends on roads. While the number of vehicles is increasing in line with the stable growth 
of the economy, road maintenance is lagging. The Nagdhunga Tunnel is a section connecting 
Kathmandu and major cities on the main road. It is expected to be a bypass tunnel for the 
mountain road, which has many problems, such as daily traffic congestion and slope collapse 
during the rainy season (Figure 1). The project length is 5,560 m, including a tunnel of approxi- 
mately 2.7 km. The design covers the tunnel, equipment, maintenance, and management facil- 
ities design. The tunnel consists of a two-lane main tunnel, a parallel evacuation tunnel, and 
a connecting tunnel connecting the main and evacuation tunnels (Figure 2). 


2 DESIGN CONDITIONS 


2.1 Tunnel cross-section 


The tunnel cross-section was determined to be two-way traffic, considering cost and safety 
aspects, as shown in Table | and Figure 3. 


2.2 Establishment of evacuation tunnels 


This tunnel, with a length of 2,688m and a planned traffic volume of 9,200 vehicles/day, is classi- 
fied as Grade A under Japanese standards, and an evacuation route is to be secured. In addition, 
it was decided to install an evacuation tunnel, considering the poor maintenance conditions for 
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Figure 1. Location map and photographs of the portal. 


Figure 2. Cross-sectional view of the main and evacuation tunnels. 


Table 1. Tunnel Dimension. 


Number of lanes 2 
Lane width (m) 3.5 
Median strip (m) 1.5 
Shoulder (m) 0.5 
Audit corridor (m) 0.75 
Limit Width (m)/Height (m) 9.5/5.0 


Figure 3. Tunnel cross section & separation zone structure diagram. 


general vehicles in Nepal. The cross-section of the evacuation tunnel was designed for emergency 
vehicle traffic, and the separation distance between center of the main tunnel and center of the 
evacuation tunnel was set at 30 m. 
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2.3 Emergency parking zones and cross-passage tunnels 


Three emergency parking zones were set up at 750 m intervals in accordance with Japanese 
standards. For the connecting tunnel, a simulation was conducted based on the assumption of 
zero wind speed control of the jet fan. The distance that people can safely move in the event of 
a fire was calculated to be 350 to 400 m based on a simulation. Therefore, the emergency park- 
ing zone was installed at intervals of 375 m, taking into consideration the 750 m distance 
between the emergency parking zones. 


2.4 Design of tunnel portal 


The west tunnel entrance is to be started after reclaiming the valley between the sharp curve of the 
existing road. Because the valley in front of the main tunnel mouth is deep and backfilling takes 
time, as shown in Figure 4, we planned to start excavating the evacuation tunnel and the main 
tunnel by beginning from the working tunnel and excavating the main tunnel portal section after 
the backfilling was completed. Since the road intersects with an existing road with a soil cover of 
6 m, a three-dimensional finite-difference method was used to determine the limit value of 20 mm 
for ground surface subsidence and the adoption of forepoling and face dowels as countermeasures. 


Forpoling 


face dowels 


Figure 4. Location of the west portal in relation to the existing road. 


3 GEOLOGICAL SURVEY 


3.1 Geological outline 


The strata in the project area consist mainly of the Tistung and Sopyang formations, which are 
classified as metamorphic rocks; the Tistung Formation is composed of moderately to highly wea- 
thered and fractured phyllite rock and somewhat weathered metamorphic sandstone. In the 
tunnel alignment, the Sopyang Formation, which appears at the west tunnel portal, underlies the 
Tistung Formation and is composed of alternating beds of phyllite and metamorphosed sand- 
stone. As shown in Figure 5, fault fracture zones and unconformities are characterized by the 
existence of parallel fault fracture zones and unconformities from northwest to southeast. This is 
considered a lineament caused by the Indian continent pushing up the Eurasian plate from the 
south due to plate movement. Thus, the fault rupture zones generated by this process can be con- 
sidered reverse faults. In the east side of the portal section, the ground is composed mainly of 
gravel and colluvium, including crushed phyllite, sandstone, etc. The colluvium is highly perme- 
able and is very loose. Groundwater is supplied from the northern part of the site. 

The seismic survey was planned to be conducted using explosives, but it took time to get 
permission for the explosives. Therefore, a microtremor array survey (MAM), which can esti- 
mate the velocity distribution of S-waves in the ground, was conducted before the survey. 
Based on the correlation between S-waves and P-waves, elastic wave velocities were estimated 
for the tunnel design. An electrical resistivity survey was also undertaken to determine the 
status of water retention. 

Table 2 shows a list of the geological survey items. Figure 6 shows the locations of the bore- 
hole investigations and the survey lines. 
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Figure 5. Structure of base rock in the vicinity of tunnel. 


Table 2. List of geological survey items. 


Survey Item Specifications/Quantity 

Boring survey and standard penetration test, Vertical: 7 locations (L=565m), Horizontal: 
permeability test 1 location(L=40m) 

Permanent microtremor array survey 25 locations 

Elastic wave survey Number of survey lines: 16, Length: 4,249m 
Resistivity electric survey Number of survey lines: 9, Length: 5,289m 
Laboratory Tests 6 depths (2 depths each at 3 boreholes) 4 


Unit Volume Weight Test, Uniaxial Compression Test, depths (1 to 2 depths at 3 boreholes) 
Tensile Strength Test, Ultrasonic Elastic Wave Test 


g WW ji if 
- LEGEND - 
@ \vB-7 : Boring (Vertical) : 565m 
=> HE 1 : Boring (Horizontal) : 40m 
— M-25: Micro-tremor Array Measurement : 25pts 
| — ERT-9: Electrical Resistivity Tomography : 5,289m 
| — SRT-13 : Seismic Refraction Tomography : 4,249m 


Figure 6. Geology around the tunnel distribution map. 
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3.2 Survey results 


3.2.1 Microtremor array survey (MAM) 

Microtremors are micro-vibrations that are constantly generated in the ground due to waves, 
wind, traffic, and plant operations. This survey is a relatively simple exploration method that 
enables an early rough determination of the ground type based on S-wave velocity. 

The distribution of P-wave velocity (an index for ground classification) estimated from the 
S-wave velocity Figure 7 was confirmed to be almost the same as the result of the seismic survey 
conducted at a later date, and it was evaluated that the accuracy was not a major obstacle in the 
design process. The survey was also able to determine the macroscopic low-velocity zones, and 
even the deeply weathered sections could be identified. However, since the estimation was based 
on supplemental data from each observation point, the detailed low-velocity zone structure due 
to the geological structure was corrected by the seismic survey. 
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Figure 7. Microtremor array survey (MAM) results. 


3.2.2 Elastic wave survey 
As shown in the seismic survey results in Figure 8, low-velocity zones penetrate deep into the tunnel 
both longitudinally and transversely, suggesting the presence of fault fracture zones or fold zones. 
Seismic wave velocities of 3.0 to 4.0 km/sec or higher are indicated at depths near the tunnel. 
However, the high-velocity sandstone layer is sandwiched between the lower-velocity phyl- 
lite, and the survey line is almost parallel to the strike of the steep slope of the formation. 
Seismic waves generated at the surface pass through the high-velocity layers in the shallow 
lateral part of the formation, rather than vertically downwards. As a result, good bedrock is 
represented shallower than it is. In the design geologic assumed cross-section, the basement 
velocity layer was estimated as a deeper position, considering the dip of the strata. 


3.2.3 Boring survey 

In the case of the tunnel passage section of phyllite, the layers were very fractured, and in 
the case of sandstone, relatively sound layers with few cracks appeared. The N value(SPT) 
of the general section is more than 50, but for the section where collapsed soil is deposited 
at the portal of the tunnel, layers with N=10 to 30 are distributed. In laboratory tests, uni- 
axial compressive strength was distributed in the range of 30 to 120 N/mm”. 


3.2.4 Resistivity electric survey 

The resistivity values of the ground reflect the porosity and moisture content. As shown in 
Figure 9, the layers are tilted at an angle of about 70 to 80 degrees, and low resistivity zones 
(blue) and high resistivity zones (red) tend to appear alternately, extending to a depth of 
nearly 200 meters. The low resistivity zone indicates the possibility of weathering or fracture 
development, i.e., high permeability zone. On the other hand, the high resistivity zone is con- 
sidered to have low permeability, and since these zones appear alternately in the tunnel, it is 
necessary to pay attention to the possibility of sudden water inflow during construction. 
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Figure 8. Elastic wave survey results. 
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Figure 9. Resistivity electric survey results. 


3.3 Geological classification method 


The cross-sectional design method for this tunnel was based on the Japanese standard support 
pattern design method because the geology of Nepal is very complex and the Japanese geo- 
logical classification is considered suitable for this tunnel. 


4 OBSERVATIONS DURING CONSTRUCTIONS 


4.1 Execution condition 


Tunnel excavation started on December 2020. Four cutting faces simultaneously have been 
advanced from east and west at main and evacuation tunnel by basically blasting method. 

Geological feature is that the permeable phyllite having many discontinuities and the low- 
permeable sandstone appear alternately as expected in the design stage. 
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Table 3. Geological and Geophysical Features of Base Rocks on Tunnel Alignment. 


Resistivity Support 
Formation Rock Weathering“! Vp (km/sec) (Ohm-m) RQD Pattern 7 
Sopyan F. So Alternation of | Dfmd. < 2.0 300 — 800 0 -20 DII 
Pyllite, Meta- (dry) 
sandstone and HW 2.0 - 3.0 100 — 600 20 - DI 
Quartzite MW 3.0 - 3.5 700 < 10-80 CIl 
(av.20) 
SW N/A - 20-80 (CII) 
(av.40) 
UW N/A - - 
Tistung F. Ti Alternation of | Dfmd. < 2.0 150 - 0-40 DII 
(mss) meta-sandstone 500(dry) 
with phyllite, HW 2.0 - 3.0 50 — 350 0-60 DI 
quartzite MW 3.0 - 3.5 350 — 550 10-80 CH 
SW 3.5-4.0 450 < 20-90 CH 
UW 4.0 < 500 < 20-95 CI 
(av.50) 
Ti (f) Fractured or - (< 3.0) <100 ~ 250 0 DI - CII 
highly folded assumption 


zones 


*]: Dfmd: deformed, H:Highly, M: Moderately, S: Slightly weathered, UW: un-weathered 
*2: Refer to Table-4 for details of support patterns. 


The convergences have not been so large less than 3~5cm, however, the collapse from the 
shoulder portion of the cutting face have frequently occurred from the beginning stage of tunnel 
excavation (Figure 10). 


Figure 10. The status of cutting face and the face collapse. 


The comparison of the section-wise support pattern length in the design stage and in the actual 
execution stage is shown in the Table 4. 

According to the table, each section-wise length of the executed support patterns is not so dif- 
ferent from the one at the design stage. This means that the observed face status does not deviate 
from the design, however, actually the collapses had occurred. This shows the prediction of col- 
lapse is quite difficult from the observation of the face. The probe drilling using the drilling 
machine have been conducted for the prediction of geological change by referring the change of 
the drilling speed and the color of returned water, which are effective for the judgment of geology. 

Recently, large lateral displacement has occurred at the bottom portion of steel rib due to 
the increase of overburden depth. It can be seen from Figure 11 that the left side steel rib which 
should be installed vertically deforms inward. 
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Table 4. The section-wise support pattern length in the design and the actual stage (as of 09092022). 


Support Design Actual Ground 
Patten’! SC’? RB“ SR“ LT  Length(m) Length(m) Condition 
DIN 25 4.0 200 40 63.5(4.1%) 63.8(4.1%) 

DII 20 4.0 150 30 0.0 (0%) 20.0(1.3%) Poor 
DI-FC$) 15 4.0 125 30 35.0(2.3%) 19.0(1.2%) 

DI 15 4.0 125 30 359.95(23.2%) 341.2(22.0%) 

CII 10 3.0 125 30 1034.10(66.7%)  1105.3(71.3%) Good 

CI 10 3.0 - 30 56.75(3.7%) 0.0 (0%) 

Total 1549.3 1549.3 


*1: Refer to STANDARD_SPECIFICATIONS_FOR_TUNNELING-2016 JSCE 
*2: Shotcrete(cm) 

*3: Rock Bolt(m) 

*4: Steel Rib (H) 

*5: Lining Thickness(cm) 

*6: Forepoling 


4.2 The main issues in this project 


The main issue on this project is that the necessary materials for the auxiliary countermeasure 
such as pre-supporting cannot be obtained when required because there is no supplier in Nepal 
and in neighboring countries. 

The materials for the auxiliary method planned in the design stage can be procured before- 
hand, however, the one which become necessary due to the unforeseen geological change 
during excavation cannot be obtained. 


Figure 11. Lateral displacement occurred at the side wall. 


In addition, the lack of oxygen for the processing of steel rib due to the Covid-19 pandemic 
delays the construction speed. 

Accordingly, the recovery works for the treatment of face collapse has been inevitably needed 
as shown in Figure 12. 

Furthermore, landslides have frequently occurred in the surrounding area during the rainy 
season, and the supply of materials such as cement has been disrupted because there is no 
other detour. 
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4. Installation of Grouting Pipe 


3. Shotcreting 


1.Collapsed Soil 2. Embankment 


Figure 12. Recovery work against face collapse. 


5 CONCLUSIONS 


This section describes issues that should be fed back when designing tunnels under the same 
conditions in the future: 


1) In the preliminary survey, the seismic velocity was high in the deep part of the tunnel and 
the ground was judged to be of good quality. Nevertheless, collapse and large deformation 
have continued in the fissured ground. 

It is necessary to analyze why seismic velocities are high in the fissured ground. 

2) The support pattern should be subdivided to accommodate various ground conditions. 

3) It is necessary to consider what kinds of auxiliary countermeasures should be planned at 
the design stage in areas where the necessary material is difficult to obtain. 
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Large diameter TBM tunnels — Trends in planning and design 


S. Vardakos, S. Zlatanic, S.M. Wongkaew & A. Bauer 
HNTB, National Tunnel Practice, USA 


ABSTRACT: High urbanization and urban migration increase demands for higher capacity 
transportation projects, underground. Since the mid 90’s there has been notable increase in 
international projects involving large diameter single bore tunnels for transit and roadway 
applications. The demand has been met by both TBM manufacturers, with the production of 
reliable TBM units pushing the diameter envelope to the range of 17-18m, and tunnel contrac- 
tors ready to embark on related construction challenges. Owners and consultants have also 
embraced these novel approaches and supported selection and subsequent design delivery of 
a wide range of large diameter tunnel projects needing to meet variety of complex subsurface 
conditions. The paper presents benefits of large diameter tunnel application and related plan- 
ning and design considerations; it includes a few examples illustrating emerging challenges, 
trends and innovations leading to successful implementation of this fast developing 
methodology. 


1 INTRODUCTION 


Despite the recent short-term decline in urban populations due to the COVID-19 pandemic, 
global cities have been undergoing rapid urbanization with mass migration from rural to 
urban areas. In 1950s, 30 percent of the world’s population was urban, and by 2050, the pro- 
jection would reach 68 percent. To further emphasize this point, according to the United 
Nations 2022 World Cities Report (UN-Habitat, 2022), the world will add 2.2 billion people 
to the world’s cities by 2050, with almost 90 percent of this growth happening in Asia and 
Africa. 

There is an urgency to develop cities of the future to be ready for this imminent population 
growth with major cities expected to double in size within the next several decades. To meet 
these demands, development of efficient infrastructure and mobility solutions are imperative, 
along with sustainable planned use of both surface and underground space. 

This issue is much more pronounced in the United States as the nation’s urban population 
growth has outpaced the overall growth over a decade ago. In 2015, about 83 percent of the 
total population in the United States lived in urban areas. It is being projected that in 2050 
this number will be over 87 percent. City planners and engineers must consider issues of liv- 
ability, mobility, quality of life and effectiveness of infrastructure while struggling to address 
concerns related to climate change and issues of equity. 

As population density increases and planning for future development must consider more 
evaluation criteria, cities are increasingly turning to underground construction alternatives to 
meet these challenges. While typically a larger initial investment, underground construction 
and tunneling projects have numerous environmental, societal, and equitable benefits which 
must be considered in evaluating the overall lifetime value of a construction project. 

One example of these indirect benefits is impacts to property values along a transportation 
corridor located underground rather than on the surface. Typically, the value of real estate 
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increases in areas adjacent to underground transportation whereas, conversely, real estate 
values decrease adjacent to surface transportation projects typically because of communities 
being divided by highways or viaducts. Construction of these transportation projects in dense 
urban areas has the potential to adversely affect local residences and businesses. Cities are 
increasingly seeking solutions which include less-disruptive methods. Understandably, interest 
in tunneling methods to construct urban infrastructure projects has grown worldwide, with 
tunneling technology steadily improving to allow for larger tunnel diameters able to facilitate 
novel tunnel configurations. The tunneling and underground industry has an obligation to 
help these growing cities develop less disruptive strategies to solve their mobility issues while 
improving their livability, quality of life, and effectiveness of infrastructure. 


2 TUNNEL SIZE DRIVEN BY FUNCTION 


Emerging technology “Personal Rapid Transit” or similar compact people-mover transit 
system tunnels are 4-5-m diameter. Typical single-track transit (metro, bus rapid transit) and 
Automated People Mover sized sections are typically up to the 7-m diameter range. Tunnels 
in the diameter range greater than 12-m are generally recognized as “large diameter” by sev- 
eral authors including Gribl, 2012 and Bappler, 2014. The increased spaceproofing demands 
for high-capacity roadway and railroad service tunnels result in correspondingly larger enve- 
lope tunnel designs. Highway or multi-modal purpose tunnels with two- or three-lane single 
deck or twin-deck configurations are often constructed with diameters larger than 14 m. Some 
of the earliest pioneering examples of large diameter tunnel projects have been the Trans 
Tokyo Bay Highway Tunnel Project with massive scale tunnel works performed between 1994 
and 1997 (14.1-m) and the 4™ Elbe River Highway Tunnel in Germany from the same period, 
(14.2-m). The grand majority of large TBM tunnels has been for roadway applications, while 
large railroad tunnels have also been constructed with examples as early as the Groenehart 
twin track Railway Tunnel in the Netherlands constructed in 2000 (14.9-m.). 


Personal Rapid Transit Metro/LRT transit Single deck Twin deck roadway 


Systems and APM roadway SR-99, TM-CLK 
(4-5 m) (=7 m) (13-15 m) (>17 m) 


Figure 1. Comparison of TBM transportation tunnel dimensions. 


3 ADVANCEMENT IN TBM TECHNOLOGY 


As the demand for large bore tunnel projects grows due to planners and engineers conceiving 
more ambitious projects, Tunnel Boring Machine (TBM) manufacturers have countered with 
continued technological development and production of reliable TBM units pushing the diam- 
eter envelope to the range of 16 to 17 m. This trend of continually increasing diameter has 
been observed since the early 1990’s and demonstrated in Figure 2. These major advancements 
in TBM tunneling technology made possible the increased use of large diameter bored tunnels 
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in urban areas. Some areas of improvements that have lowered risks and impacts of tunneling 
while providing for greater efficiency include: 


¢ The introduction of powerful Variable Frequency Drive (VFD) systems able to deliver the 
higher torque with better control under varying conditions 

e Greater TBM control through real time data processing 

* Improved capability of TBM shields to handle ever increasing groundwater pressures 

e Advancement of conditioning additives along with shield gap injection allowing better sup- 
port of the ground in front of and around the tunnel 

* Cutting tool wear sensor and data monitoring allows predicable maintenance cycles 

e Atmospheric tool change capability 

* Improved segment erector designs, handling larger and heavier precast segments. Improved 
TBM supply logistics 

e Built-in cutterhead geophysics technology for boulder detection 


4 TBM SELECTION PROCESS 


Delivery of a successful large-diameter urban tunnel project requires selection of the right 
team with the right equipment. Firstly, an experienced and qualified contractor must be 
selected with the ability to safely deliver a complex underground project. Secondly, the selec- 
tion and specification of a TBM with the capabilities to address all expected and unexpected 
construction risks is paramount. 


4.1 Comprehensive type selection process 


The project must first decide on the general TBM type, which is generally based on expected 
ground conditions. Although typically contractors would have a choice between the two main 
pressurized face TBM technologies — Earth Pressure Balance (EPB) and Slurry TBM, larger 
diameter tunnels have a higher likelihood to face not just variable ground conditions along an 
alignment, but non-uniform ground conditions within the advancing face. 
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Figure 2. Evolution of large diameter TBMs. 


Developments in the TBM technology and soil conditioning sectors have made it possible 
for the two main types of TBMs to approach and even overlap in terms of applicability over 
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a range of ground and groundwater conditions. The development of multi-mode, “hybrid” 
type TBM systems and Variable Density TBMs has provided additional means and methods 
to contractors and design-builders for handling a wider gamut of subsurface conditions for 
large diameter projects. For increasing diameters, the tunnel projects are trending towards the 
use of more complex state-of-the-art TBM systems. 

Regardless of technology, the machine must be able to maintain and accurately control 
pressures at TBM heading and around the TBM perimeter, control face variability and the 
overcut while filling the overcut gap. Although TBM technology has advanced, selecting the 
right TBM type, qualified TBM manufacturer, and experienced TBM operator is extremely 
important to achieve the required TBM performance. 


4.2 Ground control and settlement risks 


Impacts to adjacent infrastructure and buildings due to settlement are key risks associated with 
any large diameter TBM. When assessing settlement risks, engineers are used to considering 
traditional methods for calculating “volume loss” — the translation of settlement at the surface 
due to soil relaxation and/or over-excavation. Parameters defining volume loss, uniquely define 
the shape of ground subsidence trough as well, and surface settlements are determined empiric- 
ally from years of experience. In the case of large diameter tunnels, it is very important to rec- 
ognize that the percent volume loss will be smaller and does not scale with the square of the 
tunnel diameter, as is often the case with smaller diameter tunnels. Volume losses in such cases 
are often found to correlate better with the diameter of a large tunnel. 

Using surface volume loss in the order of 0.5% and 1% for surface settlement calculations, 
(as it is often used for single track transit tunnels) can result in overprediction of large diameter 
tunnel settlements and impact on costs associated with enabling works, construction shafts, sta- 
tion design depths, etc. Measured instrumentation data from large diameter tunnel projects in 
soft ground suggest that proper machine type selection, technical specifications, and TBM 
manufacturer qualifications, in combination with good construction practices, are major factors 
for maintaining ground stability and settlement control in large diameter single bore projects. 

By way of example as reported by Cording (2018), during the bored tunnel works for the 
57.3-ft bore diameter SR-99 Tunnel in Seattle, the instrumentation data-derived ground loss, 
before Safe haven 3, which was in soil conditions consisting primarily of till and sand, was 
back-calculated in the range 0.06% to 0.2 % at tunnel level and zero at distances of 30 to 80 
feet above the tunnel”. Also, the EPB-TBM mined 1200 ft in lacustrine clays under the viaduct 
and beneath historic Pioneer Square where the ground loss there has been zero at the surface, 
and less than 0.02 percent at tunnel depth. 

Another example is provided by Yang, Z. et al. (2010) for instrumented sections of the 
Shanghai Yangtze River Tunnel excavated by a 15.4-m Slurry TBM, where analysis of instru- 
mentation data, suggests volume losses in the range of 0.04% to 0.5% at the ground surface. 
Mei, Z. et al. (2015) describe for the Nanjing Line 10 also crossing the Yangtze River and 
excavated with a 11.2-m Slurry TBM, back-calculated ground surface volume losses are in the 
range of 0.04% to 0.32%. 

During the planning phase, a comprehensive parametric study must be performed for differ- 
ent volume loss ranges and depths of the tunnel to achieve level of comfort with the tunnel 
positioning given ground conditions, type of TBM and condition and features of overlying 
structures. It is not uncommon for large-diameter tunnel projects in urban areas to assume 
0.25% to 0.35% volume loss for purposes of preliminary tunnel depth analyses. 


5 PLANNING FOR TRANSIT/RAIL AND ROADWAYS 


5.1 Spatial planning 


For planners and engineers considering underground projects, spaceproofing to determine the 
required tunnel diameter is an important initial step in large diameter single bore projects to 
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confirm feasibility. This holds true for both roadway and transit tunnel applications. Particularly 
for transit, spaceproofing should be based not only on typical running tunnel sections but it is 
equally important to evaluate space demands at all possible transitions between typical sections. 
Basic requirements include provisions for key design criteria compliance including: 


e Design geometrics or vehicle clearance envelopes 

e Rail speed and air-pressure variation 

e Liner construction tolerances, TBM steering and alignment control tolerances 

e Operations and Maintenance considerations 

e Fire Life Safety considerations (for example, NFPA 130 or 502 guidelines for US projects) 

e Operational systems space requirements 

° Structural fire durability 

¢ Threat & Vulnerability requirements 

e Requirements for vibration mitigation such as resilient fasteners or “floating slabs” for rail 
projects 

e Seismic design requirements 


The list above merely provides examples of spaceproofing considerations for transportation 
tunnels that represent risks to tunnel cost and schedule if not evaluated early. 


5.2 Large diameter tunnels as single bores 


5.2.1 Compact configuration (transitlrail) 

For transit applications, the ability to satisfy all space proofing requirements and integrate 
vehicle clearances, station platforms, crossovers, fire and life safety elements as well as other 
facility and rail system elements into a single bore, is a key advantage of single large bore tun- 
nels. This affords the flexibility of platform station locations within the alignment and, 
depending on track alignment, provides the opportunity to obtain improvements in oper- 
ational run times. For side-by-side track configuration, further advantage is the flexibility to 
add crossover or lay-up tracks at optimum locations, without the need to revert to cut-and- 
cover or complex SEM-mined crossover caverns. A prime example of optimized configuration 
is Barcelona Line 9—the first double- deck (stacked) tunnel for transit in the world. Another 
example, currently ongoing, is VTA’s BART Silicon Valley Phase II in San Jose, California, 
that opted for side-by-side track configuration. 


Figure 3. Station and single bore rendering for Barcelona Line 9 (source: Ifercat, 2009A). 
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5.2.2 Reduced right-of-way requirements 

The cost of right-of-way (ROW) acquisitions and permanent easement rights is a key 
driver in the total cost and planning of many tunnel projects. In dual tunnel align- 
ments, the space between the two tunnels is typically in the range of 0.75 to 1 diameter 
minimum which demands a wider ROW. For transit or rail applications, cut-and-cover 
structures for stations also demand a wider ROW zone, due to the platform span, pas- 
senger access and any ancillary structure components. A single bore tunnel eliminates 
cut-and-cover and SEM excavation for station platforms in public ROW. A further 
opportunity with single bore tunnels, is the narrower zone of influence which can 
reduce the number of neighboring surface properties within the settlement impact 
corridor. 


5.2.3 Surface disruptions and underground obstructions 

Provided that depth of the tunnel is selected adequately for both given ground condi- 
tions and tunnel diameter, single bore tunnels entail reduced surface disruptions during 
construction. Construction work associated with passenger access and ventilation can be 
performed mostly from designated side access shafts outside public ROW. Furthermore, 
costly and time-consuming utility relocation otherwise required in cut-and-cover con- 
struction, is largely eliminated; this is a major advantage in densely built metropolitan 
areas. By way of example, in Seattle the TBM single bore tunnel for SR-99 demon- 
strated ability to address growing community, businesses and third-party concerns 
related to construction impacts. The concept reduced construction impacts to streets, 
utilities, businesses, residences, historical buildings, and general public. During planning 
detailed 4D renderings demonstrated dense subsurface obstructions, utilities, and founda- 
tions the single bore alternative was able to avoid. 


‘B= €=t=851>4= Soo = 
* Twin 6-m dia | * One 14-m dia. 
Tunnels á mia (RPA Tunnel 
* Extensive utility i * Minimal utility 
relocation relocation 
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*>17-m depth to | — platforms 
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uction under 4 = * No cut-and-cover 
l 3 construction under 
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Figure 4. Conceptual planning: twin-bore vs single-bore at station locations. 


5.2.4 Guideway configuration 

For highway tunnels, there are several examples of multi-lane single deck (ie. Tuen-Mun 
Chek Lap Kok Tunnels, Nanjing Yangtze River Tunnel, Caltanisetta, Port of Miami 
Tunnel) and dual deck (ie. SR-99, Eurasia Tunnel, SMART Tunnel) tunnels that have 
been constructed. For transit applications single bore tunnels can be configured either 
with stacked guideways or with parallel guideways separated by a safety dividing wall; 
for stacked configuration, complex transitions lead to stacked stations. The stacked 
guideway alternative allows for separation of the train rooms, thereby facilitating fire 
and life safety aspects, while providing space for independent passenger platforms on 
two levels. 
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Figure 5. 


Figure 6. Parallel vs. stacked guideway configurations for large diameter single bore tunnels. 


5.2.5 Cross passage connections 

Compared to dual bore tunnel layouts which typically require cross-passage tunnels at 
select intervals, a single bore offers opportunity to add cross passages to reduce evacu- 
ation time from incident to non-incident tunnel. This alleviates the need for complex 
and costly SEM cross passage construction, including any ground improvement that may 
be needed between two bores. This results in less impact to streets, utilities, and traffic. 
Also, improved waterproofing performance can be achieved as there are less joints 
between segmental lining and cast-in-place cross passage lining and less of associated 
elaborate waterproofing details. 


5.2.6 Seismic performance and fault crossing 

From a structural perspective, the elimination of frequent cross passage tunnels, 
improves seismic performance of the underground works by reducing interfaces between 
structures with different seismic response. Geologic fault crossings can be accommodated 
without tunnel enlargement. Instead, periodic track re-alignment can be accommodated 
within side-by-side track configuration at these crossing locations. 
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5.3 Important considerations 


5.3.1 Ventilation and fire life safety 

Confirming viable ventilation concept is one of the key design and planning considerations for 
large diameter tunnel projects (especially single bores). Emergency ventilation determines ven- 
tilation capacity requirements. Fire hazard analysis should demonstrate that passengers can 
safely self-evacuate, and first responders can gain access. 

For transit projects in the US, NFPA 130 guidelines are generally followed in terms of 
smoke and temperature control and management of smoke build up in case of train on fire in 
the tunnel. Due to a depth of the platforms, important feature of a single bore deals with pro- 
visions for the “engineered point of safety’ NFPA 130 allows for; with this concept, for 
stacked platform configuration, the point of safety could be provided at the platform levels 
assuring forced exhaust air ventilation design. This approach would limit the spread of fire 
hazards on platforms and within station entrance shafts, and provide tenable environment in 
path of egress via induced make up fresh air flow coming from the entrances. Fire life safety 
engineers must assess the ventilation strategy and coordinate with owners and operators—this 
side of planning and design deserves special attention and often specially adopted safety pro- 
cedures and special training. 


5.3.2 Passenger circulation and safety egress 
There are certain challenges in planning large diameter tunnels pertaining to depth of other 
required facilities such as stations and emergency egress facilities because urban conditions may 
dictate depressing the alignment. This results in deeper stations with correspondingly deeper 
entrance structures and ancillary facilities. Planning should carefully consider passenger circula- 
tion issues during normal and emergency conditions in relation to the passenger throughput. 
For stacked track configuration, track crossovers and ramps can only be placed away from 
the stations, and this leads to special ventilation and fire life safety considerations to meet 
requirements related to tenability conditions and passenger evacuation in emergency (train on 
fire in tunnel). In addition, safety walkways are located at different levels thus stairs are 
required for passengers to reach non-incident tunnel section in case of an emergency, unless 
a separate ventilated and pressurized safety corridor is provided at each track level. In case of 
stairs, accessibility issues for passengers with disabilities could be identified (such as Ameri- 
cans with Disabilities Act (ADA) requirements in the United States); in this case staging areas 
could be planned for use by rescue services. 


5.3.3 Subsurface conditions and contract packaging 

There is direct relationship between project risks, construction cost, and an adequate 
subsurface investigation program. Subsurface conditions are the single biggest factor 
which affects planning, design, and construction for any subsurface project. More so in 
the case of large diameter projects, which are more likely to encounter variable ground 
conditions due to the larger excavation. Preparation of a Geotechnical Baseline Report 
(GBR) is considered best practice in which the owner has the ability to set limits on 
the material properties he “represents” as conditions the contractor should anticipate 
and price. The GBR baselines reflect owner’s desired risk allocation strategy and pro- 
vides a basis for any differing site condition. As such it must be written by experienced 
team, ideally with specialists in engineering geology, geotechnical engineering, tunnel 
engineering, construction, and contracting law. 

Early determination of the approach to contract packaging and procurement strategy 
to meet desired service dates are essential elements when planning for large bore pro- 
jects. Factoring-in liquidated damages for milestone delays and incentives for meeting 
such milestones is recommended. Construction schedule and contract packaging must be 
prepared by experienced staff. Schedule should be reasonable and include considerations 
of project complexity. For design-build projects, design of the single bore is usually on 
critical path — the owner must deploy adequate resources to review the design and pay 
attention to progress measurement. 
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POINT OF SAFETY ZONE 


INDUCED MAKE UP 
FRESH AIR FLOW 


Figure 7. Conceptual large diameter transit tunnel with passenger egress and engineered point of safety. 


6 CONCLUSION 


Large diameter tunnels, especially single bores for transit/rail and roadway applications, seem 
to meet demands for higher capacity transportation projects, underground, especially in high- 
density urban zones where values of surface and right-of-way are at their premium. Benefits 
of these configurations are leveraged by challenges in design and construction that must be 
addressed on a timely basis through detailed planning and alternative analyses; such chal- 
lenges could be resolved through innovations and performance-based engineering. 
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ABSTRACT: Discrete fracture network (DFN) modelling is a state-of-the-art stochastic 
technique that allows engineers and geologists to provide estimates of the potential rock dis- 
continuity systems within a rockmass that can be acquired through geological mapping of 
rockmass exposures, boreholes etc. The development of such discontinuity geometry models 
can provide useful insights in terms of the anticipated rockmass behaviour during excavation 
as well as assist in determining/optimizing the required support measures to achieve a safe and 
efficient shaft construction. In this paper DFN modelling has been utilized as a means to 
assess the applicability of shaft sinking within blocky rockmasses. The implemented workflow 
aims to assess the potential block size to be encountered in situ based on discontinuity data 
collected from available rock exposures or boreholes which can be used to feed the decision- 
making process of the appropriate boring technique and equipment, as well as the adjustments 
required to provide the necessary support during shaft sinking depending on the unstable 
block size. A practical example using geo-data from a deep shaft at Lockwood Beck for the 
Anglo-American North Yorkshire Polyhalite project in the UK will be used to demonstrate 
the value of the method and its influence on Blind Shaft sinking. 


1 INTRODUCTION 


The Woodsmith Project which is under development by Anglo American Services (UK) Ltd. 
comprises of a deep mine complex and associated transport infrastructure aiming to extract, 
transfer and deliver polyhalite fertilizer located in the North-East of England. The extracted 
and granulated polyhalite sets new standards for sustainable mining while helping to boost 
food production and sustainable farming practice. In an era that resource acquisition becomes 
more challenging both in terms of availability and sustainable extraction processes with the 
objective to improve living standards and society growth, innovative design and construction 
methods in mining operations have come to play a critical role. 

The mine has been labelled as one of the biggest mining projects in Britain mining one of 
the world’s largest deposits of polyhalite. Deposits of potash in North Yorkshire have been 
well known about since the 1930s when boreholes drilled for gas and oil also discovered the 
mineral. The project is comprised of deep shafts up to 1,600 m to reach the <70 m thick 
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mineral seam which includes a mineable area of around 25,200 hectares. To minimise the 
amount of visible infrastructure within the North York Moors National Park, a protected 
area, the polyhalite will then be transported 37 km at an average depth of 250 m in a tunnel to 
the material handling facility at Teesside where it will be distributed from the nearby harbour 
facilities. The tunnel will house a 37km long conveyor with an interchange point at Lockwood 
Beck. A schematic of the general arrangement of the mining facilities is illustrated in Figure 1. 

Strabag are appointed by Anglo American to design and construct a 37 km long tunnel, 
used to transport polyhalite from the mine development to the distribution facility at the 
Wilton site, as well as two Intermediate 380m deep shafts required for access, ventilation and 
utilities. The first is at Lockwood Beck, 12.5 km south from Wilton. The Lockwood Beck 
(LwB) Shaft with an internal diameter of 3.2 m was proposed to provide access to the Mineral 
Transport System (MTS) Tunnel as well as essential services including ventilation, water, com- 
pressed air, grout, and power during construction, while serving as an access for inspection 
and maintenance during the operation of the mine. Arup provided engineering services for the 
design of the LwB Shaft which is the focus of this paper. 


* Mineral Transport System (MTS) is 37 km long, 5 


fepth of 250 m by 
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Figure 1. Schematic of the MTS mining facilities and operation of the Woodsmith Project. 


The construction of the 3.20 m diameter LwB shaft was carried out by adopting the blind 
boring method. The method was implemented by initially performing shaft pre-grouting to 
ensure rockmass stability and permeability reduction as a primary mitigation measure. Fol- 
lowing that, during the shaft sinking the entire shaft was filled with water with the fluid pres- 
sure acting as support to maintain the stability of the sidewalls. Once the excavation was 
completed the installation of a steel casing followed while the shaft was still filled with water, 
until the steel casing had been installed, and then the shaft was dewatered and annulus grout- 
ing was carried out between the steel casing and the excavated rock face as the final construc- 
tion stage. In Figure 2 the concept of the blind boring method is illustrated. It is noted that 
the construction of the shaft followed the excavation of a pre-drilled vertical pilot hole to 
maintain verticality of the excavation. 

We had to understand the geotechnical conditions of the shaft in consideration with the 
technology limitations of the excavation equipment in order to optimise the efficiency of the 
blind boring method within the anticipated rockmass environment and we gave emphasis to 
the rock block size distribution to assist in the evaluation of potential blockage of the spoil 
pipe. For that purpose, we adopted the Discrete Fracture Network (DFN) modelling tech- 
nique to simulate potential discontinuity systems that we could encounter during construction 
while the shaft excavation was going through the various formations. Details on the adopted 
workflow are provided in the following sections. 
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Figure 2. Concept of the blind boring method adopted for the LwB Shaft: a. Schematic of the excava- 
tion process, and b. Steel casing installation. 


2 GEOLOGICAL AND GEOTECHNICAL CONDITIONS 


2.1 Regional geology 


The project area is located within the sedimentary Cleveland Basin, where Jurassic strata form 
the upper part of the thick sedimentary sequence, passing with depth through strata of Trias- 
sic, Permian and Carboniferous age. 


Figure 3. Tectonic map of Cleveland Basin and surrounding region (British Geological Survey 1996). 


Rifting along east-west faults during the Permo-Triassic initiated the basin formation. Fol- 
lowing this there was a period of subsidence during the Jurassic when deposition of mainly 
marine and near-shore sediments took place, including the Redcar Mudstone Formation. Fur- 
ther minor east-west rifting during the Cretaceous helped form the Peak Trough Fault and the 
Whitby Harbour Fault followed by further subsidence. Basin inversion from the Late Cret- 
aceous into the Neogene, due to compressive forces from the Alpine orogeny to the south and 
the Atlantic opening to the north, lead to the formation of structural features across the basin 
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such as the Cleveland Anticline and other minor synclines and anticlines (Emery 2016). 
Figure 3 shows the tectonic structure of the region with the ages of the main structural fea- 
tures bounding the Cleveland Basin. 

The Jurassic strata are found either below a superficial soil cover or exposed at outcrop and 
up to about 600 m thick. The LwB shaft was constructed through strata from the Ravenscar 
Group of Middle Jurassic age and the underlying Lias Group of Lower Jurassic age, with the 
Ravenscar Group comprised of an interbedded sequence of mudstones, siltstones and sand- 
stones while the Lias Group is predominantly mudstones and siltstones with some sandstone 
and ironstone beds (Hesselbo & Jenkyns 1995, Simms et al. 2004). The Middle Jurassic 
Ravenscar Group is a fractured moderate to high permeability stacked aquifer overlying the 
generally low to impermeable Lias Group. 


2.2 Discontinuity input data for DFN modelling purposes 


To acquire the necessary input parameters for the DFN modelling in the LwB shaft area dis- 
continuity data have been acquired from core logging and downhole optical televiewer surveys 
conducted within the vicinity of the shaft excavation. Sub-horizontal discontinuity features 
identified in the logs as drilling induced were excluded from the conducted discontinuity ana- 
lysis to increase the accuracy of the generated models to capture the potential discontinuity 
system patterns. 

The televiewer data was initially processed using the software DIPS (Rocscience) to derive 
stereonet analyses and group the discontinuities into sets based on mean orientation for every 
formation that the LwB shaft intersects, also supplemented by outcrop observations in nearby 
areas where the rockmass was exposed (Figure 4). 


Figure 4. Stereonet analysis of televiewer data and discontinuity grouping. 


Following that, joint spacing of each discontinuity set was calculated from data obtained 
from core logging in boreholes. The core logging dataset was used because the geologist’s 
manual log was assumed to be more accurate than the televiewer’s automatic log, as televiewer 
tends to pick all features, and sometimes mistakes subtle color changes in the rock for discon- 
tinuities. Especially in sedimentary rockmasses this results in an oversampling of “bedding 
plane” like features which does not represent the true fracturing conditions in the rockmass. 
The discontinuity data was collected through boreholes and hence it was deemed appropriate 
to use Pjg as a measure of linear discontinuity (fracture) intensity. Pyg is defined as the 
number of discontinuities per length and for the purposes of this work is calculated as the 
number of discontinuities per meter borehole length. P;ọ was calculated per formation along 
every individual borehole (Figure 5). 
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Figure 5. Histogram of linear fracture intensity (P79) values for the dominant sub-vertical fracture set 
of each formation: Scy- Scalby, Scr-Scaroborough, ClF-Cloughton, Swk-Saltwick, Dgr-Dogger, 
WhM-Whitby Mudstone, CdlI-Cleveland Ironstone, Sta-Staithes Sandstone, ReM-Redcar Mudstone. 


However, discontinuity size (persistence) which is required for modelling purposes cannot 
be evaluated directly from the acquired site investigation data and there is no data available 
from nearby outcrops or other exposed rockmass surfaces. Based on the work by Williams 
(2017) and past fieldwork, it has been noted that most subvertical joints terminate against bed- 
ding planes for the shallower formations, while for the deeper formations sub-vertical joints 
exhibit higher persistence. Bedding spacing therefore was used as a proxy for sub-vertical frac- 
ture persistence. 


3 DFN METHODOLOGY ASSESSMENT 


3.1 DFN generation 


An area of 100 m x100 m was modelled in the software FracMan (Golder), with the shaft at 
the centre of this area. This size area was chosen because it is large enough that no edge 
(boundary) effects would interfere during the discontinuity plane generation prior to the rock 
block size calculation within the shaft region. 

Parameters that are used when generating the DFN are: 


e Pio value (no. of fractures per metre); 
e Fracture set orientation (dip and dip direction); and 
e Size distribution (fracture persistence). 


Figure 6 illustrates the DFNs generated along the length of the shaft. These images clearly 
show how the fracture intensity is higher at the top of the shaft, and lower at the base of the 
shaft. 


3.2 Block size analysis 


For design purposes, a sampling region had to be chosen for the block size analysis. This is 
the region within which the block sizes are calculated. A square region with the same exterior 
diameter as the proposed shaft (3650 mm) was chosen through the centre of the DFNs. 
Although the shaft is circular, a square sampling region was preferable in FracMan to facili- 
tate the rock block size calculation. The difference in shape did not affect the results in general 
but it could have yielded slightly larger blocks due to the increased area of a square versus 
a circle or include some smaller size rock blocks. 
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Figure 6. DFNs generated in FracMan along the length (380m) of LWB shaft. 


3.3 Analysis approach 


Given the limitations to acquire information for fracture size (persistence), the block size ana- 
lysis was performed for each formation based on the following scenarios: 


e Lower bound fracture persistence; 

e Upper bound fracture persistence; and 

e Middle value defined as halfway between the lower bound and upper bound persistence 
values. 


3.4 Block size assessment 


For each formation, block size was assessed from the generated DFN models using automated 
processes through Python scripting based on the following: 


* Block volume (as a size distribution curve); 

e Block volume (as a histogram); 

* Block width; 

e Block maximum orthogonal length; 

e Block median length; and 

e Block shape factor: Shape factor is a dimensionless value relating surface area and volume. 
A perfect cube has a shape factor = 1, and as the aspect ratio of an object increases, the 
value can approach infinity. The shape factor for equidimensional polyhedral with more 
than 6 sides falls between 0.52 and 1. A perfect sphere yields a shape factor of 0.52. 


In Figure 7 each plot shows the results for the different discontinuity persistence values 
used as discussed previously. 


3.5 Block size distribution summary 


The performed study found that all formations apart from the two deepest strata had rela- 
tively consistent block sizes: 


* Maximum block sizes from 10-30 m’, 
* Median block sizes of 2-12 m; and 
* 10% of blocks are typically smaller than 0.04-4 m° 


Based on the different persistence scenarios that we examined, blocks smaller than 1 m° gen- 
erally appeared not to be sensitive to the change in fracture persistence. However, for two for- 
mations it could be observed that for rock block volumes smaller than 1 m? the adopted 
persistence value had an impact on the calculated volumes hence resulting in a distinct differ- 
ence between the cumulative block volume distributions. For the deeper formations the 
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Figure 7. Block size distribution results for one of the formations intersecting the LWB shaft. 


impact of persistence on the smaller block volumes decreases and calculated volumes yield 
similar results. 

Furthermore, Figure 8 shows an example of visual model inspection in one of the forma- 
tions. The fracturing network is shown on the left and the blocks obtained from the DFN are 
shown on the right. All blocks presented are 3.6 3.6 x5 m representing the cut diameter of 
the reamer on which the assessment was based. 


4 DFN BLOCK SIZE ASSESSMENT RELATIVE TO THE BLIND BORING METHOD 


The blind boring method is a reverse circulation technique using drilling fluid pumped under 
pressure to transport the rock fragments from the excavation face to the surface by a strong 
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Figure 8. FracMan model block size analysis for the scalby formation. 


flow of water directed around the cutterhead and up through the centre of the drill rods 
before discharging to the circulation ponds. The undertaken workflow and performed assess- 
ment outcome aimed to provide guidance on the anticipated in situ block size distribution 
during excavation based on the site investigation data, and allowed to assess potential risks 
associated with the construction method. By focusing on understanding the size of the rock 
cuttings which could be potentially too large, if not being further broken during the excava- 
tion, to travel up the spoil extraction pipe, DFN modelling provided useful insights about the 
anticipated ground conditions before initiation of the works and allowed for planning poten- 
tial mitigation measures. 


5 CONCLUSIONS 


The LwB shaft was constructed by adopting the blind boring method and a steel casing was 
adopted as the permanent structure. To assist the contractor Strabag in understanding the 
applicability of the blind boring method at the Lockwood Beck site, we evaluated the rock 
block size to be encountered along the LwB shaft to avoid potential risks associated with 
blockage of the spoil pipe due to the relative size of rock blocks with the pipe diameter. By 
applying a DFN modelling approach, we evaluated the rock block size distribution along the 
shaft using the FracMan software and the ground investigation data which was provided. 
Based on the results of our assessment, rock block volumes could potentially vary significantly 
at depth producing blocks with volumes between 0.04 m? to 4 m? for up to 10% of blocks 
formed, while the median block volume for the simulated blocks ranged from 2 m° to 12 m°. For 
the deeper formations this range was estimated between 10 m? to 14 m° for the 10% passing and 
the median block volume 50 m? to 250 m°. Based on the ground investigation data provided, the 
generated DFN models yielded results demonstrating that the shallower formations are more 
likely to produce smaller blocks given the bedding plane and sub-vertical joint fracture inten- 
sities, while the deeper formations are more likely to produce larger, more massive rock blocks. 
It is noted that due to limitations related to the borehole obtained data, joint persistence 
information was not available in the provided ground investigation data. Bedding spacing was 
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used as a proxy for determining the lower bound persistence of sub-vertical fractures. To 
account for uncertainly due to the lack of discontinuity persistence data, sensitivity analyses 
for each formation were undertaken. The outcome of our analysis showed that the different 
persistence values generally did not affect the block size distribution results when considering 
blocks of volume less than 1 m*, hence demonstrating the low sensitivity of the acquired 
results on the fracture size. It is noted however, that for larger block volumes the impact of 
persistence on the rock block size could increase. The results of the DFN modelling provided 
a better understanding of the potential rock block size based on persistence, fracture intensity 
and joint orientation, and allowed for planning mitigation measures due to potential block- 
ages. The applied workflow using DFN modelling discussed in this paper will be extremely 
valuable for future shaft projects when similar construction methods are adopted. 
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ABSTRACT: The behaviour and the actual condition of the strata are variables difficult to 
define in detail during the design phase. Moreover, during the construction phase of under- 
ground works, a disturbance of the natural equilibrium occurs, that may lead to fracturing, 
ground decompression and water circulation. As a result, the complexity of the ground- 
construction system increases, and problems are often encountered during the construction and 
operation phase of the infrastructure. In this field, resins can offer positive results, associated 
with fast reaction, low viscosity, and adaptable chemistry and may be an effective response to 
these difficult to solve problems. This paper describes in brief the application of PU resins and 
the favourable result obtained in the Ilarion Dam spillway No1 tunnel, in Greece. 


1 INTRODUCTION 


1.1 Marion Dam Spillway No 1 


Ilarion Dam is the most upstream of a cascade of five dams owned by the Public |Power Cor- 
poration of Greece that constitute the Hydroelectric Scheme of the Aliakmon River. The pro- 
ject is in Kozani region, in Greece. Ilarion Power Plant has a total installed capacity of 157,2 
MW and produces more than 413 GWh per year, in addition to supplying drinking water to 
the city of Thessaloniki and water for irrigations. 

Ilarion Dam is a 130m high embankment dam. On the left abutment, there are two gated 
spillway tunnels, each consisted of an inclined shaft followed by an almost horizontal tunnel 
and a flip bucket. The horizontal part of Spillway Nol, was also used as part of the Diversion 
Tunnel of the Aliakmon River as shown in Figure 1. 


1.2 Problems and remediation with PU resins in the inclined shaft 


The inclined part of Spillway Tunnel No 1 was constructed in karstic limestone following 
a top down, drilling and blasting methodology. The limestone rockmass is thickly bedded to 
masive, fresh and only locally slightly weathered and karstified. The bedding planes are not 
always visible. The karstification zones develop mainly along discontinuities and are always 
filled with red clay, and rarely with limestone fragments. Core recovery in investigatory bore- 
holes reaches 100% with RQD ranging from 80 to 100, except for the areas where joints or 
faults are encountered. 


DOI: 10.1201/9781003348030-125 
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Figure 1. Schematic section of Spillway Tunnel No 1. 


Figure 2. (a) Typical sample of Ilarion Spillway Tunnel limestone, (b) defined by a fracture, with col- 
oured surfaces, showing the circulation of water and dragged materials, (c)samples of limestone showing 
major geological fracturing (d) Cracks and voids detected in sample of the tunnel lining. 


During the excavations for the tunnel, no stability problems were encountered as the rock- 
mass quality was very good. However, as a result of the construction activity, the geological 
strata, did undergo significant fracturing and decompression, facilitating the circulation of 
water in the disturbed zone around the tunnel (Figure 2). Operation of this hydraulic network 
over time, may lead to the erosion of fines filling fissures and cracks, resulting in an increase 
of the overall bedrock permeability and therefore increased water leakages and pressures on 
the tunnel lining. 

With a significant volume of water ingress into the tunnel and increasing stresses 
acting on the lining in contact with the rock, it was considered necessary to treat the 
rock-lining system in order to protect the tunnel structure and avoid future problems. 

Ground treatment with classical means, as cement slurries and mortars, was not con- 
sidered as a solution because the intense circulation of water can wash out the injected 
materials giving unsatisfactory results. This is why a technical proposal was developed 
based on Polyurethane (PU) Resins. PU resins are often selected in such cases due to 
their unique chemical reaction, which provides the desired results much faster than other 
materials. The pumpable liquid mix of PU resins is injected far in the rock. Once the 
chemical reaction is achieved, the liquid Polyurethane mix takes a rigid form without 
being washed away by the water flow. The consolidated end-product has high resistance 
and provides a cohesive material with strong adherence and excellent mechanical 
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properties. Other characteristics that allowed the selection of PU resins for this project, 
and in similar applications, are their low viscosity, their capability of penetrating into 
even the thinnest cracks of the ground and concrete and their ability to block significant 
waterways due to their closed cell system and high strength (Figure 3). 


Figure 3. (a): Expansion bulb generated by a polyurethane resin (b & c): application of resins to treat 
high water pressure ingress. 


2 MATERIAL SELECTION AND IMPLEMENTATION METHODOLOGY 


2.1 PU resin scheme selection 


One of the main advantages of resins is the adaptability of their chemical base. In 
order to waterproof the tunnel, consolidate the rock mass around the concrete lining 
and improve its geomechanical characteristics, three different resin systems were 
selected: 


— A two-component thixotropic resin system designed to gradually increase the resin’s density 
over time, allowing it to resist being washed away by circulating water and to obtain good 
mechanical properties, in order to consolidate the rock and block major water pathways 
and major fractures. 

— A two-component expanding, low viscosity, low expansion resin system, allowing good cir- 
culation in variable crack sizes. It has good mechanical properties and is modified with 
additives to promote the required reaction time properties. 

— A one-component expansive water-reactive resin for direct and local treatments. 


2.2 Injection and sealing rod 


It was selected to inject the one and the two component resin through a hollow metal bar. 
The resin is pumped to the point of application where the chemical reaction will begin. As 
these high strength bars are left in place after the injection, along with the waterproofing 
and consolidation treatment carried out by the resins, a passive consolidation of the rock- 
mass is also obtained. 


Figure 4. Metal bar system and resin circulation channel. 
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2.3 Implementation methodology 


The treated area of the inclined part of Spillway Tunnel Nol was fifty-six (56) meters long 
with forty-five degrees (45°) inclination. The tunnel has a circular section with an internal 
diameter of twelve (12) m. 

It was decided to start the treatment from the bottom to the top so the water pressure would 
reduce as the consolidation and waterproofing progressed, allowing better tackling of the 
encountered problems. This also allowed to locate spots that had to be reinjected at a later stage. 

Considering the condition of the tunnel and the water ingress points, it was decided for the 
resins to be injected in six (6) consecutive main treatment rings, at equal lengths along the 
treated area. One investigation borehole six (6) m long was drilled before treating each ring, to 
better understand the condition of the rockmass. 

Each ring consisted of a primary and a secondary sub-ring, each having twelve (12) 
treatment points. In the primary sub-ring the injection boreholes were four (4) m long 
and injected with the two component thixotropic resins (that being slower allow better 
dispersion). While in the secondary sub-ring the injection boreholes were three 
(3) m long and injected with the two component expanding resins (slowed or accelerated 
with additives). The primary and secondary rings were one (1) meter apart and rotated 
fifteen degrees (15°). Moreover, short repair boreholes of a maximum one and a half 
(1.5) meters were drilled whenever it was needed and injected with the one-component 
resin for local treatment. After drilling, hollow metal bars were installed in the primary 
(4m) and secondary (3m) boreholes, as injection from these holes aims to consolidate 
and waterproof the rockmass. Hollow bars were not installed in the short injection holes 
as these are intended for spot surface waterproofing. 

This methodology was modified when demanded by local conditions. Therefore, 
during the application of the resins, the flow, the pressure, and the volume of the 
injected materials were carefully and constantly measured and recorded for each bore- 
hole and each ring in total. This was achieved by using a special injection equipment 
developed by ATEGLOB called the RE-150 MAX. In this equipment, two gear pumps 
are mounted on a single body with a solid shaft, allowing the simultaneous operation of 
two components in a volumetric ratio 1:1, with a single electric motor. 
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Figure 5. Arrangement of the rings and representation of the ring and scaffolding. 


All the collected data, including the necessary deviations from the initial technical proposal, 
have been recorded in reports and graphs. 
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| ARRANGEMENT OF THE DRILLS 


SHORT DRILLS 3M ANGULAR MISALIGNMENT 
OF 15° 
LONG DRILLS 4M 
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AND LONG RINGS: 1M 


Figure 6. Configuration of the rings by means of Sub-rings. 


The inclination of the tunnel made the design of the scaffolding a complicated task on 
its own. Scaffolding begun from the upstream end of the horizontal part of the tunnel 
and was developed in levels corresponding to the treatment rings selected for the 
injections. 

Based on the principle of offering an adapted, robust, powerful and lightweight 
system for the project, an electro-hydraulic equipment with pusher slide and rotary 
hammer associated with a drill string with core extraction has been selected for this pro- 
ject. A configuration adapted to the scaffolding system was sought. The drilling and 
injection activities had to be organized in such way so that the works could be carried 
out in a coordinated manner, as quickly as possible since the project had to be com- 
pleted during the summer period. The careful planning carried out was reflected in an 
execution schedule (Figure 8). 


Figure 7. Views of the installed scaffolding system, the rotary hammer and the RE-150 MAX injection 
equipment. 
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DRILLING AND INJECTIONS - ESTIMATED PROGRAM 


ORDER RING LENGTH INJECTION 


Figure 8. Timeline for coordination of drilling and injecting activities in the primary sub-rings of two con- 
secutive treatment rings. The drilling and injecting position is defined in terms of hourly positions in a clock. 


KG INJECTED RING A 
7.473,35 Kg 


Figure 9. Organisation and control of the injection data for treatment ring A, summarising injected 
quantities in each sub ring and in total. 


3 RESULTS OBTAINED FROM THE TREATMENT 


3.1 Studies carried out after technical implementation. 


The continuous data processing, the cross-referencing of the recorded data with the observa- 
tions made on the 6 metre boreholes, the information extracted during the 4 metre and 3 
metre drilling, the variations in water flow rates and the data relating to each injection, pro- 
vide a clear and complete understanding of the executed works and the obtained results of the 
resins’ application. 

The estimated reduction of water ingress in the treated part of the tunnel is shown in 
Table 1, proving the effect of PU resins on waterproofing the tunnel. 

Moreover, tests on samples of the surrounding rockmass taken from the project, 
showed that the strength value of the fractured, resin consolidated rock mass had 
a reference strength value of 14.9MPa. Studies on the tunnel lining over a zone of high 
permeability and voids, before and after application showed an increase of strength of 
approximately 39% . These results demonstrate that the consolidation obtained by the 
use of PU resins at both the fractured rockmass and the lining was a complete success. 
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Table 1. Reduction of water leakages after treatment with resins. 


% of total water leakages before treatment 


Ring Before treatment after treatment 
Ring A (lower ring) 15% 3% 

Ring B 17% 2.5% 

Ring C 35% 2.0% 

Ring D 20% 2.0% 

Ring E 8% 0.5% 

Ring F (upper ring 5% 0.0% 

Total Reduction 90% of the total initial inputs 


Pre-treatment core: Fractured material 


Core after treatment: The resin remains 
part of the soil, giving it cohesion. 


Figure 10. Soil consolidation using resins. 


Figure 11. Improvement of tunnel lining condition by resins. 
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Figure 12. Decrease of water ingress after treatment. 


4 CONCLUSIONS 


The excavation of the Ilarion tunnel into a karstic limestone has encouraged the decompres- 
sion and opening of flow channels in the rockmass. The resulting water circulation encourages 
washing of materials filling fissures and openings, thus leading to a further increase of the 
water flows and their distribution along the tunnel. 

The properties of the injected PU resins have created water screens and blockages in the 
water circulation system and were able to consolidate the rockmass by introducing a strong 
and elastic matrix material in its fracture, preventing water ingress in the tunnel and reducing 
the applied water pressures in the lining. 

Subsequent tests have provided very interesting results, with an improvement in initial 
resistance and a blockage of the main incoming water pathways. 

The selected resins and the applied methodology have generated the response required by 
the contractor in a minimum application time, with versatile and coordinated logistics, creat- 
ing an environment that would be difficult to achieve by other means. 

As the treatment of the inclined part of Spillway No1 was considered successful, it is probable 
that a similar methodology will be applied in the treatment of the horizontal part of this tunnel. 
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Final tunnel design within 24 hours 
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ABSTRACT: Delay in underground infrastructure causes great costs. Construction man- 
agers know how hard it is to manage one particular aspect: the design time. In practice design 
teams usually fail to deliver on time. On the contrary scientific presentations have promised to 
slash design time using buzzwords like parametric design and artificial intelligence. The 
reason for the failure is simple: behind the scenes, tunnel design is still not automated to 
handle the complete range of day-to-day nitty-gritty design work: until now nobody has been 
able to automate the complete chain of tedious tasks for all conditions. For example, manual 
labour is used for adjusting to local design codes, taking into account construction phasing, 
tricky thermal and shrinkage effects and reinforcement detailing specials. 

This paper cuts out the ‘air’ around artificial intelligence and offers classic design automa- 
tion - but - for the first time offers the complete preliminary-to-final design package. Three 
‘24-hour tunnel designs’ made under different design codes (Netherlands and Sweden) and for 
different traffic conditions (Road and rail tunnels) will be presented: A9 Highway Tunnel 
(Amstelveen), West Link Rail tunnel (Gothenburg) and Rail Tunnel (Den Bosch). Then it will 
demonstrate how to design two new | km tunnel segments within 24 hours. 

Unique is that two new tunnels will be designed LIVE during the event using just the 
intended alignment and a few basic inputs. In the paper we will explain the best practices 
regarding organisational structure, technologies and workflow to achieve this. 


1 TRADITIONAL DESIGN 


Engineering companies are traditionally engaged on the basis of trust in their experience and 
having a resource pool that covers all disciplines involved. The quality and quantity of engin- 
eering companies’ output is rarely measured, let alone compared prior to engagement. This 
leads to a business model where tunnel design companies overconsume hours compared to 
their budget. Work is delegated from the experienced engineers to more junior or generalistic 
staff to increase profits. Quality becomes low and often delays are incurred due to mistakes 
from lack of experience. However, the output is not measured so the design company can do 
the same again next project. 

Globalisation has put pressure on design companies to offer lump sum packages with fixed 
scope. However, once a consultant is on board, it is still difficult to engage with another com- 
petitor. Therefore change orders are susceptible to excessive pricing and delays simply have to 
be accepted. Human resource shortages in the west are creating additional shortages even 
among less experienced engineers. As a result a wave of marketing is overwhelming the con- 
struction world, promising superior engineering based on Artificial Intelligence (AI) and Para- 
metric design. 
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1.1 Artificial Intelligence 


Unfortunately, the reality is that civil engineering has rarely been well married with the world of 
software development and tunnel design based on AI is far off. While AI certainly has the 
potential to effortlessly outperform human operations, it works only in applications which are 
trainable by a magnificent database of test cases. Since only a few tunnels are designed and built 
each year, this industry is not fit for training AI design robots. Exemplary is the AI implemented 
by Tesla to automate driving. It performs perfectly in all kinds of complex - but common - traf- 
fic situations, but falls short when uncommon events occur that it is infrequently trained to 
handle (such as a tire coming off a truck or a bicycle that is not actually riding but on a vehicle 
roof rack). 

Nevertheless, AI is certainly set to offer huge benefits in adjacent fields where such repetitive 
data is available, such as creating digital twins and evaluating tunnel maintenance conditions. 


1.2 Parametric design 


Still more common is the promise from parametric design. The simple act of generating a design 
from parameters through a script is often presented as parametric design. The true meaning of 
parametric design as authors understand it, is where computers implement design formulas auto- 
matically to optimize a series of output parameters based on a series of input parameters. 
Architectural engineering has glorious examples of optimizing floor-space, balcony-sunlight 
and construction cost in residential towers based on geometrical input parameters such as 
curve, height, staggering and even twist of the building (Eltaweel, & Yuehong). 

True parametric design is still scarce in tunnelling, but can certainly be useful particularly in 
tuning construction cost, construction time and environmental impact scores. It is good to 
note, however, that parametric design is best suited to continuous input-output relationships. 

In tunnelling there are numerous relationships that are discontinuous. That is an input par- 
ameter leads to an output but has a sudden hard threshold or sudden jump. Too many discon- 
tinuous relationships make parametric design more difficult: 


e A design may only be feasible up to a certain hard boundary, such as the maximum amount 
of reinforcement in a casting joint or a prohibition within a design code. 

e A construction schedule that implements a temporary road closure may be immediately 
postponed by many months if a delay doesn’t meet the closure date, and the next possible 
window for road closure must be awaited. 

e A foundation subcontractor that belongs to a lead contractor might offer foundations at 
internal prices below the market rate of all others. On the other hand it may also not be able 
to execute all foundation types. 


1.3 Automation 


The authors believe that the key to optimizing tunnel design is to start by simple automation of 
the tunnel design procedure. Certainly some components of design have been automated before, 
but what is unique is that the tools presented in this paper compound the complete tunnel design 
process, while including the details. 

By reducing the design time by two orders of magnitude, three objectives are met: 


— Design time is kept in line with the construction schedule 
— Additional design cycles are made possible, so a more economic design is feasible. 
— The design cost is reduced 


Ultimately automation opens the door to parametric design. 

To validate this promise, during the World Tunneling Congres 2023, contractors may 
submit their tunnel-to-be-designed and the results will be presented by the authors, live during 
our presentation. 
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2 THE TUNNEL AUTOMATION TOOL 


2.1 Design process 


The automated tunnel design tool was developed for multiple types of open cut tunnels. Bored 
and immersed tunnels are not yet part of the development scope at this stage. A combination 
of pre-existing software was chained up to create the steps needed for verification was Revit, 
Dynamo, Sophistic, Plaxis and MathCad. 

The process is shown in Figure 1. 
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Figure 1. Workflow of the automated tunnel design tool called Hocus Pocus Tunnel®. 


The core is an application layer developed in C# that maintains synchronicity between the 
BIM model and the project data file. The resulting geometric model can then be exported 
using the application layer in revit to specialistic softwares such as Sophistic and Plaxis. Also 
2D drawing layouts and Bill-of-quantities can be generated. 

The specialistic softwares are launched by Python scripts which carry data in, generate and 
auto-run the models, and then carry the data out again for verification. The MathCad tool is 
used for verification because it automatically doubles as a PDF verification report for client 
delivery. Thus, each calculation model or report (blue rectangles) is carried by a software 
structure (grey). Solid lines show automatic steps and dashed lines show manual processes 
needed to complete design loops. 


2.2 Capabilities 
The tool is adaptable to local conditions, having been tested on multiple design codes like 


e Eurocode 
e National codes for road (Rijkswaterstaat) and rail (Prorail) in the Netherlands 
e National codes for road and rail in Sweden (Trafikverket). 
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Figure 2. Steps within the automated tunnel design tool. 


This is done by including a small database of varying safety factors, loads and load combin- 
ations, crack width and corrosion requirements, climate related differences such as rainfall 
and frost and certain geometrical restrictions. 

Extensive construction methods are supported: 


* Top-down and bottom-up order 

e Floors made by concrete with traditional dewatering, chemical injections, under water con- 
crete or jetgrouting. 

e Walls made by sheet piles, combined walls, berlin walls, diaphragm walls, or secant pile walls, 
both as permanent walls or as temporary walls in combination with a final front wall. 


The system supports phased design (for example where a northern tunnel is constructed, 
traffic is relocated, and then a southern tunnel is developed). 
Complex tunnel geometries are possible, including: 


* Open and closed sections 

e Profiles of free space for single or multiple road lanes or rail tracks 
¢ Intermediate walls and/or safety shafts 

e Divided geometries where on/off ramps raise to the surface 
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e Additional basement levels, such as a stormwater pumping basement 
e Road or rail camber within the alignment 


Features added to the tunnel design can include: 


e Openings for evacuation doors or cavities for emergency equipment 
e Gullies and dewatering system 

e Casting joints 

e Watertighting joints and associated membranes 

e Continuous elements like lighting fixtures 


Complex foundation types are included: 


e Prefabricated concrete piles 

e Bored anchor piles with hollow thread and possible segmenting 

¢ Driven anchor piles with massive thread and possible segmenting 
e Vibro or vibro-combination piles 


As shown above, the tunnel tool is unique in its complete coverage of design features needed. 


2.3 Output 


The tunnel designer tool focus on three aspects: obtaining client and permit approval, con- 
struction control, costing and preparing request-for-proposals, and actual construction draw- 
ings on site. 

This leads to the following automatically generated outputs: 


— Overview drawings in context, e.g. for permit 

— Phasing drawings 

— Execution drawings such as plan views, cross sections, pile plans, formwork drawings, 
reinforcement drawings and bending schemes 

— Structural calculation reports, including verification 

— Geotechnical calculation reports, including verification 

— Hydraulic calculation reports, including verification 

— Bill-of-Quantities 

— Environmental Impact Score (known in the Netherlands as MKI) 


3 DEVELOPING REAL AUTOMATION 


3.1 Full design scope 
Three concepts have been critical to the design team developing the design tool: 
1. Structuring around Object oriented programming techniques 


2. Trying and failing 
3. Goal setting 


3.2 Tricks from object oriented programming 


Most design companies sooner or later run into complexities as the scope of their design auto- 
mation increases. Traditional design firms in the Netherlands are tackling this by increasing 
co-operation with multiple design firms in order to share the high development costs that 
occur as the programming hours explode. However, this interaction leads to even more inter- 
faces to be managed and complexities to be tackled. 
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The authors’ approach is to implement age-old concepts from software development, with 
at the heart object-oriented programming. This methodology contains four key concepts to 
improve interdependent development. 


3.2.1 Abstraction 

Abstraction entails describing all the design elements to be made by object classes. Here such 
object classes are things like Road alignments, Walls, Floors, Foundations, Reinforcement, 
Evacuation doors, Drainage system or Lighting fixtures. Before actually designing an object 
with actual dimensions, agreements are made on how to store and draw the properties of 
any kind of such an object, and how to change them. In software development this is called 
an Abstract Class Definition. 

The positive effect of defining abstract, is clarity on how to interact for all involved. For 
example the BIM modeler can work on implementing how the ‘Wall’ object is drawn in Revit, 
while the structural engineer develops functionality for verifying structural capacity, and they 
don’t affect one another’s work. 


3.2.2 Encapsulation 

The concept of encapsulation means parts of the design within objects are protected through 
agreements on how to change aspects. For example, the designer is allowed to request to 
change the thickness of a wall for optimization purposes. However, the properties of the con- 
crete cannot be directly changed. When changing the wall thickness, the strength is reverified 
and the reinforcement adjusted internally. 


3.2.3 Inheritance 
Inheritence means bits of work don’t need to be repeated all over the project place, but a class of 
objects can inherit functionality from another object class. For example, both concrete Walls and 
concrete Floors can inherit properties of a concrete Plate class of objects. This means the struc- 
tural verification functionality only needs to be written once for concrete Plates, and is then auto- 
matically copied to Walls and Floors. Walls and Floors are thus children of the concrete Plate 
class and inherit the functionalities. 

It may be imagined that this goes way further than only the structural verification. Objects 
can also inherit functionalities for drawing themselves in BIM, exporting a Bill of Quantities 
or preciting a construction time. 


3.2.4 Polymorphism 

The final concept, polymorphism, allows classes to work differently based on the context. For 
example, a designer might ask the system to implement temporary walls for excavating the 
tunnel choosing sheet piles, or in a different case maybe with a diaphragm wall. 

Both retaining wall types probably have some fundamental properties like their length, 
width, an installation level and a bottom level and maybe a phasing. They also have common 
activities associated with them, like they need to be drawn, structurally verified and a bill of 
quantities needs to be produced. 

However, the implementation of these activities is completely different: a sheet pile wall looks 
completely different in BIM to a diaphragm wall, sheet piles would be verified with Eurocode 3 
for steel, whereas a diaphragm wall is verified according to procedures described in Eurocode 2 
for reinforced concrete. At the same time, both wall types will be simplified to similar elements in 
the structural and geotechnical models for calculating forces in the tunnel system. 

Polymorphism allows functionalities to be written that are tailored to a specific type of 
design, while implementing functionalities that are general only once 


3.3 Try and fail 


To narrow the gap between software developers and civil engineers, designers are forced to 
constantly design tunnels from the real world. Both redesign of existing real world tunnels was 
performed as well as designing new projects. 
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Since the beginning of 2022 the tool has been tested on the projects West Link (Kvarnberget 
segment), A9 Amstelveen and Vught Rail tunnels. 

By implementing real world tunnel designs, setbacks were brought to light and were addressed 
as follows: 


— Tunnel openings for evacuation doors etc.. are not supported but the Subassembly com- 
poser in AutoDesks Civil 3D package. To make it possible to have openings, an adjusted 
approach, building walls and floors separately in Revit was developed. 

— Tunnel alignments consist of many local exceptions. Adding additional passages or base- 
ments in specific segments was added, for example to make an off-ramp or a pump cellar. 

— Tunnels are based on design codes that differ per country and per authority. Partial safety 
factor libraries were added, in order to be able to perform verifications in all applicable 
codes. 


3.4 Goal setting 


To guide and motivate the team, two Key Performance Indicators (KPI’s) were defined based 
on a | km tunnel section: 


1. Completeness of scope: are all functionalities of the design process implemented? This is 
expressed as the percentage of design work automated. 

2. Production time of design: How long does it take to come from an alignment to a tunnel 
design with full output of drawings, calculation reports and bill of quantities? This is 
expressed as the number of hours it takes the team to produce the design of a 1 km tunnel 
section, where the team usually consists of three members. 


The first run of the tunnel tool in 2021 only completed 7% of the required design activity 
(the completeness of scope) and took 63 hours (production time) of the three-man team to 
complete. Projecting this to the full design scope it would take 858 team hours to develop the 
whole tunnel design. On production of the article, this was already down to a projected 223 
team hours. By contrast, the two tunnel designs for which the automations were tested 
expended approximately 20.000 and 5.000 hours per kilometer of tunnel by the technicians 
only (i.e. excluding project managers). 

The target for the world tunneling congress in May 2023 is 90% completeness of scope and 
24 hour production time, as shown in Figure 3. 


3.5 Test cases 


Two test cases have been executed with the automation tool, and a third is ongoing: A9 road 
tunnel (Amstelveen), Kvarnberget Rail Tunnel (Gothenburg), Vught Rail Tunnel (Vught). 

The test cases showed the design tool was capable of adapting between road and rail, work- 
ing with sheet piles, combined walls and diaphragm walls, top-down and bottom-up (under 
water concrete) methods, soil and bedrock and Swedish and Dutch design codes. 


4 CONCLUSION 


There is a lot of buzz around parametric design and artificial intelligence. The reality is that 
tunnels are not suited to AI design due to the small number constructed each year. Parametric 
design can be effective, but is far from implementation in the complex domain of cut and 
cover tunneling. 

An approach to automating the complete tunnel design, including the nitty gritty details, has 
been proposed. It follows the software principle of Object oriented programming, the entrepre- 
neurship principle of trial-and-error and the management principle of goal setting with KPIs. 
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Figure 3. Targets and progress on the two key performance indicators (KPI): (1) percentage of design 
steps automated and (2) time for the team to run the automations. If both targets are met, also the pro- 
jected design time for all design steps will fall under the target of 24 hours. 


This paper presents the tunnel design process, which has been fulfilled for three existing 
tunnel designs and show that the authors are on track to automate 90% of tunnel design within 
24 hours. During the WTC2023 two new tunnel alignments will be developed for contractors 
offering to participate with their tunnel. On the day of the presentation, it can be concluded if 
the current state of automated design is capable of such innovation or not. 
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ABSTRACT: Room-and-pillar is one of the most well-known and widely used underground 
mining methods worldwide. Even though this method is traditionally linked with mining, its 
application serves as a cost-effective and versatile construction method for the development of 
large underground spaces for civil applications as well. The Tributary Area Theory (TAT) has 
been traditionally used for the estimation of the average pillar stress, the first step in the 
empirical methodology for the design process. Although TAT and the empirical pillar stress 
equations have been successfully employed, it is common knowledge that TAT tends to over- 
simplify and yet overestimate the stress imposed to the pillars. 

The main aim of this paper is to analyze and evaluate the pillar stress conditions by directly 
comparing the TAT values and the pillar induced stresses through FEA. In this effort, a series 
of 3D and 2D numerical analyses were carried out under a series of various pillars’ configur- 
ations and initial virgin stress fields in order to properly decode the pillar loading regime and 
depict the deviation of stresses estimation. The authors suggest two (2) power equations for 
the direct estimation of the average major principal stresses developed upon the pillars’ crest, 
both for the case of rib & square pillars layout. The performance of the equations was found 
to provide results within high confidence levels in alignment with the results from 2D & 3D 
numerical analyses. In general, further room is left for improvement in terms of a more effi- 
cient and perhaps more aggressive pillar design maximizing the full potentials of the room- 
and-pillar method. 


1 INTRODUCTION 


The room-and-pillar method is a traditional open-stoping mining method that has been used 
with great success in various underground exploitations, as it offers ease of use, safety, 
enhanced productivity and competitive cost. The extraction is made by a series of longitudinal 
and transverse drifts that leave behind parts of the host rock as pillars - dimensioned appro- 
priately to undertake and withstand the stress of the overburden - arranged in a regular pat- 
tern, usually of square or rectangular shape to simplify planning and operation (Hartman 
et al., 1992). 

Although, room-and-pillar method is traditionally linked with mining, this method has 
been utilized for the construction and development of underground space (Figure 1) encom- 
passing a wide range of applications as storage space, logistics centers, data-centers, parking 
facilities, etc. by being a versatile and cost-effective construction alternative (Kaliampakos 
et al., 2002; KICT, 2014). Hence, the method is expanding its applicability and is being 
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considered in major underground space projects as in the Hong Kong’s planned underground 
expansion project. 

In order to assess the overall pillar stability, a number of empirical methods have been pro- 
posed focusing mainly on determining the pillar’s strength, while the pillar’s stress loading has 
been predominately being estimated using the Tributary Area Theory (TAT). TAT considers 
that the pillar is loaded by the full column of overburden found above the pillar’s area, plus 
its area of influence (tributary area) within the adjacent room. 


Figure 1. Underground space development by utilizing the room-and-pillar mining method (KICT, 
2014). 


TAT has been universally used in empirical pillar assessment, although being relatively 
simple in concept and rather conservative in its stress results obtained. This paper aims to pro- 
vide a clearer assessment of the pillar’s stress and focuses on the estimation of the anticipated 
stresses through the use of 2D & 3D numerical analyses performed with RS2 & RS3 FEA 
software. The elaboration of both 2D & 3D analyses was adopted in order to take into 
account the geometrical configuration of pillars for both cases of rib (rectangular shaped pil- 
lars, Lp/Wp>10) and square pillars’ (Lp/Wp=1) layout, where Lp is the length and Wp repre- 
sents the width of the formed pillar. The results are then compared with the stresses envisaged 
by the Tributary Area Theory (TAT) in order have a more precise assessment and benchmark- 
ing between the two methodologies. 


2 SCENARIOS EXAMINED BY THE PRESENT RESEARCH STUDY 


For the scope of this research study, a certain framework of parameters was adopted by the 
authors, in order to achieve a highly representative assessment. The analyses were performed 
for two (2) scenarios regarding overburden height, 150m and 250m, a typical application 
depth range of room-and-pillar method. Furthermore, they represent the upper boundary of 
the typical application of room-and-pillar for hosting civil applications and use types. The 
Mohr-Coulomb constitutive model was used for the FEA. The equivalent geotechnical param- 
eters of the adopted rock medium were obtained with the use of RocData software and are 
given in Table 1. 

A series of pillars’ configurations widthwise (3m+8m, with an increment of Im) was 
adopted to assess the stress distribution under a variable setting that satisfies the pillar range 
typically applied. For the case of the 3D analyses an extensive mine layout was modelled (7x7 
pillar layout) in order to resemble realistic activities’ area, yet allowing a reasonable frame of 
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Table 1. Geotechnical properties of rock mass used for FEA. 
Sci (MPa) GSI m;i D Ei (MPa) 
75 70 10 0 40,000 


Unit Weight (MN/m°): 0.026 


Application: Tunnels Tunnel Depth (m): 150/250 
Equivalent Cohesion (MPa): 2.23/2.49 Friction angle, ọ (°): 52.45/ 
M-C parameters 49.53 
Rock Mass parameters Tensile Strength 0.78 Uniaxial Compressive Strength 14.1 
(MPa): (MPa): 
Global Strength 21.1 Deformation Modulus (MPa): 29,313 
(MPa): 


Poisson’s ratio, v: 0.25 


computational workload. The width and height of the stope (room) were kept as a constant, 
at 5m, which is a realistic value in underground works. 


3 TRIBUTARY AREA THEORY (TAT) - PILLAR STRESS ASSESSMENT 


According to TAT, a simplistic yet long-lasting stress estimation approach has been used mainly 
for elementary stress analysis and pillar support. By this theory, the whole weight of the overbur- 
den is left to be carried by the pillars (Salamon and Munro, 1967). However, even though the 
stresses can be seriously overestimated (Salamon, 1967) there has been extensive research by many 
researchers (Lunder and Pakalnis, 1997; Martin and Maybee, 2000; Kaizer et. al, 2010; Esterhui- 
zen et al., 2011), that over the years have put effort in generating formulas that utilize both the 
pillar strength and the stress imposed on it. The pre-mining, pzz, vertical stress field component is 
factored according to the area which is tributary to the representative pillar. 


m= UNIT LENGTH — =—We + a 


URS RR a WR 
i a. Rib pillars: Oy) = yz (1 + 7) 


2 
EH | | | b. Square pillars: 6p = yZ (1 + =") 


i i 
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f ž , , 
2° 2% Op = average normal pillar stress; 
2 z À ° 
i À y = overburden unit weight; 
! os 


¥ z = mining depth; 
Wp = stope (room) width; 
Wp = pillar width 


Figure 2. Tributary area and average normal pillar stress (post-mining) for rib (left) and square pillars 
(right) according to TAT. 


4 NUMERICAL ANALYSES - PILLAR STRESS ASSESSMENT 


A series of numerical models were generated for 2D & 3D elastic stress analyses. The 2D FEA 
were performed in order to estimate the anticipated pillar stresses for the cases of rib pillars, 
since the plain strain conditions fit much better to a realistic design approach of a long pillar 
(Lp/Wp>10) rather than a rectangular, let alone a square pillar, where transverse cross cutting 
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takes place out of the plane of a two-dimensional simulation. The 3D FEA, serve a dual goal, 
i.e., to provide a much more realistic stress analysis through the generation of a proper numer- 
ical model that resembles the 3D nature of the room-and-pillar method, and secondly, to cor- 
relate results with the ones of 2D analyses. The field stress type was set to gravity, with 
a stress ratio, k (o}/o,) set to 1, while the initial element loading was set to field stress & body 
force for all the numerical models. The boundary conditions involved restrains at all direc- 
tions at the base of the model, free restrain at the vertical axis for the sides and a free surface 
at the top of the model (surface boundary conditions). 


4.1 2D numerical analyses 


With the use of RS2 geotechnical FEA software, twelve (12) models were generated for all the 
adopted scenarios in terms of initial stress field and geometrical pillar configurations. 

The distribution of major principal stresses acting along the crest of the central pillar were 
recorded for all the elaborated numerical models, where as expected the most heavily stress 
induced area is detected. Stress charts were plotted illustrating the distribution of stresses 
along the crest of the pillar and the average stress values per examined scenario were calcu- 
lated. Due to concentration of stresses at the upper side of the pillar adjacent to the excavated 
stopes (Figure 3), following a direct method for obtaining average stresses would result to mis- 
leading conclusions and utterly to increased average stress values. In this way, the stress 
values recorded at 0.25m from the sidewalls of the pillars were excluded from the statistical 
process. As indicatively shown in Figure 4, for Wp=5m, it is clearly illustrated that lower 
stress values prevail at the core section along the pillar crest. The relative results were plotted 
in Figure 5 for all examined scenarios. 
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Figure 3. View and close view of the major principal stresses (o1) contouring around the excavated stopes 
from 2D FEA, 150m overburden (room and pillar width Wp=Wp=5m, room and pillar height Hp=5m). 


As illustrated in Figure 5, the aforementioned correction applied to the values obtained 
from the 2D analyses depict a more realistic trend of stresses’ distribution since, by increasing 
the rib pillar’s width the stresses tend to converge to the values envisaged by TAT. Through 
forecasting it was deduced that the stress values would finally converge when the rib pillar 
width Wp, would increase to approx. 10m. 


4.2 3D numerical analyses 


For the 3D numerical analyses, a total of twelve (12) models were developed with the use of 
RS3 geotechnical FEA software. The generated models represented a pattern of evenly 
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Figure 4. Major principal stress distribution along pillar crest for 150m & 250m overburden from 2D 
FEA (room and pillar width Wp= Wp=5m, room and pillar height Hp=5m). 
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Figure 5. Rib pillar stresses according to TAT, 2D FEA & 2D FEA corrected values, for 150m & 250m 
overburden (room width Wg=5m, room and pillar height Hp=5m). 


distributed 7x7 square pillars. The pillars were formed in stages, i.e. excavation of drifts and 
subsequently two-way transverse crosscuts (Figure 6). This excavation sequencing was selected 
in order to validate the related stress results from the 2D analyses since, rib pillars are initially 
formed prior to the models’ final geometry that envisaged a square pillars’ grid. 

Firstly, the results at the excavation stage where rib pillars were formed (Figure 6a) were 
directly compared to the results of the 2D analyses, as well as with the corrected values as 
obtained through the procedure presented in section 4.1. 

In Figure 8, it can be seen that the corrected values of the 2D FEA have a good match with 
the results from the 3D analyses, providing further proof and validation for the induced cor- 
rection that was applied. Secondly, at the stage of square pillars formation, the major princi- 
pal stress values were recorded at the central pillar of the 7x7 pillars’ layout, in order to 
capture the trend at the most stress induced area of the 3D mine layout model. The results are 
illustrated in Figure 9 for all the examined scenarios. A uniform gradual deviation is depicted 
between the stress values provisions according to TAT with the ones derived from the 3D 
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(a) formation of rib pillars (b) formation of square pillars 


Figure 6. Excavation sequence for a 7x7 pillars’ grid mine layout (Wp, 6m). 


Figure 7. View of major principal stresses (o,) contouring inside the 3D numerical model of square 
pillars. 
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Figure 8. Rib pillar stresses according to TAT, 2D FEA, 2D FEA corrected and 3D FEA for 150m & 
250m overburden (room width Wp=5m, room and pillar height Hp=5m). 
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Figure 9. Rectangular pillar stresses according to TAT & 3D FEA, for 150m & 250m overburden 
(room width Wr=5m, room and pillar height Hp=5m). 


analyses across the examined scenarios by the present research. Utterly, through forecasting 
of the actual measurements, the stress values would converge for a significant increase of the 
squared pillar width (Wp> 13m). 


4.3 Suggestion of power equations for rib & square pillar average major principal stress 
estimation 


By observation of the results, power type trendlines were generated and processed. Power type 
functions were generated in the form of: 


f(a,b, Wp) = a x (Wp)? 


where, “a” and “b” are constants and Wp for the pillar width. 

For the development of a universal formula, constant “a” was correlated to the initial geo- 
static stress, Sv = yXz, where, y and z stand for unit weight and overburden height, 
respectively. 


4.3.1 Rib pillar average major principal stress equation 

For the case of rib pillars, following further statistical process, a uniform equation was gener- 
ated that provides sufficient results in alignment with the ones obtained by 2D & 3D FEA. 
This power equation is represented, as follows: 


Giay = 3 x Sv x (Wp)? (Eq.1) 


where, 6) ay = average major principal stress acting along the rib pillar crest; Sv = geostatic 
stress and Wp = pillar width. 

The results from Eq. 1 are compared with the results provided by 2D & 3D FEA in Table 2. 
It can be seen that the proposed formula yields quite satisfactory results, validating its use 
within the assessed depth of the analysis. Besides these encouraging data, the results presented 
in Table 3 further support the validity of the equation in different overburden heights (50m & 
350m) than the ones selected in the FEA models, expanding the working envelope of the pro- 
posed equations. 


4.3.2 Square pillar average major principal stress equation 
Likewise, for the case of square pillars, a uniform equation was generated providing sufficient 
results in alignment with the ones obtained by 3D FEA (Table 4), represented, as follows: 
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Table 2. Rib pillar average major principal stress acting along the rib pillar’s crest, comparison between 
FEA & Equation 1. 


Overburden height: 150m Overburden height: 250m 


Est. dif. Est. dif. Est. dif. Est. dif. 
Wp Oayv,2D a Oav,3D Eq. 1 % 2D, % D, Oav,2D sa Oav,3D Eq. 1 % 2D, % 3D, 
(m) (MPa) (MPa) (MPa) &gq. / Eq. 1 (MPa) (MPa) (MPa) E£q. 1 Eq. 1 


3 8.35 8.13 8.23 1.4% -1.2% 13.80 13.40 13.72 0.6% -2.4% 
4 7.40 7.31 7.51 -1.4% -2.7% 12.35 12.04 12.51 -1.3% -4.0% 
> 6.91 6.87 6.99 -1.2% -1.8% 11.44 11.42 11.65 -1.8% -2.0% 
6 6.53 6.55 6.59 -0.9% -0.6% 10.84 10.91 10.99 -1.4% -0.7% 
7 6.30 6.36 6.28 0.4% 1.3% 10.46 10.47 1046 -0.1% 0.1% 
8 6.09 6.09 6.01 1.2% 1.3% 10.11 10.19 10.02 0.9% 1.6% 


* Corrected values, as per procedure presented in section 4.1. 


Table 3. Validation of Equation 1 at overburden 50m & 350m (beyond the initial examined stress field). 


Overburden height: 50m Overburden height: 350m 

Wp Oav2D * Eq. (1) Est. dif. % 2D! Eq. (1) Est. dif. % 2DI 
(m) (MPa) (MPa) Eq. 1 Gav.2p * (MPa) (MPa) Eq. 1 

6 2.22 2.20 1.1% 15.39 15.39 0.0% 


* Corrected values, as per procedure presented in section 4.1. 


Otay = 6.1 x Sv x (Wp) ”? (Eq.2) 


where, 6) ay = average major principal stress acting upon the square pillar crest; Sv = geostatic 
stress and Wp = pillar width 


Table 4. Square pillar average major principal stress acting upon the square pillar’s crest, comparison 
between FEA & Equation 2. 


Overburden height: 150m Overburden height: 250m 

Wp Oav,3D Eq. (2) Est. dif. % 3D, Eq. (2) Est. dif. % 3D, 
(m) (MPa) (MPa) Eq. 2 Gav.3b (MPa) (MPa) Eq. 2 

3 13.78 13.74 0.4% 23.09 22.89 0.8% 

4 11.95 11.90 0.4% 19.59 19.83 -1.2% 

5 10.67 10.64 0.3% 17.49 17.73 -1.4% 

6 9.64 9.71 -0.8% 16.16 16.19 -0.2% 

7 9.05 8.99 0.7% 14.99 14.99 0.0% 

8 8.44 8.41 0.4% 13.80 14.02 -1.6% 


Table 5. Validation of Equation 2 at overburden 50m & 350m (beyond the initial examined stress field). 


Overburden height: 50m Overburden height: 350m 
Wp Eq. (2) Est. dif. % 3D, Eq. (2) Est. dif. % 3D, 
(m) — Say,3p (MPa) (MPa) Eq. 2 Oay,3p (MPa) (MPa) Eq. 2 
6 3.36 3.24 3.5% 22.43 22.66 -1.0% 
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Again, as shown in Table 5, the results obtained in different overburden heights (50m & 
350m) than the ones initially selected in the FEA assessment are very encouraging and further 
support the validity of the equation there. 


5 CONCLUSIONS 


Through the analyses presented, the estimation of the average major principal stresses (post- 
mining) developed upon the crest of rib & square pillars was examined through 2D and 3D 
FEA for the case of room-and-pillar mining method and compared against the results 
obtained by the tributary area theory (TAT). The conclusions for the framework set by the 
authors, are summarized as follows: 


— As already stated by several researchers the stresses estimated through TAT exaggerate the 
post-mining stress field. It has been assessed that TAT overestimates stress values in the 
order of X1.25 to x2 times (for the case of rib & square pillars respectively) especially when 
slender square-shaped pillars are taken into account (Wp<5m, W/H<1). This overesti- 
mation effect is gradually reduced only when the width of the examined pillar is signifi- 
cantly increased; i.e. Wp> 13m (W/H>2.5) for square-shaped pillars or Wp>10m in the case 
of rib pillars. 

— Power equations, namely Eq.1 and Eq.2, for rib pillars and square pillars’ layout, respect- 
ively, are suggested for the direct estimation of the average major principal stresses devel- 
oped along the crest of the pillars. The validity of the suggested equations has been tested 
against a wide range of overburden height (50m to 350m) through FEA and have been 
proved to provide almost identical values (mean estimation difference +2%), making them 
capable of accurately predicting the average pillar stress. 


The research will continue so as to further expand the validity and applicability envelope of 
the aforementioned equations while also assessing and incorporating into them the effect of 
other important parameters as room width (WR). 
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ABSTRACT: Numerical models of tunnel openings constructed using the Sprayed Concrete 
Method (SCM) typically utilise plate elements to reproduce the concrete lining behavior. Plate 
elements rely upon the plane stress assumption, which can result in overly conservative values of 
stress as indicated by the recent fibre optic strain monitoring by De Battista et al. (2015). This 
study presents an alternative approach to modelling of SCM constructed tunnel openings incorp- 
orating discrete volume elements for the primary and thickening layers of concrete. A series of 
three-dimensional finite element analyses have been completed using model parameters informed 
by tunnel openings constructed for London Crossrail. Comparison is made between results from 
models incorporating plate and volume elements. Findings confirm reduced maximum stress 
values around an opening using the volume element method. The results of the modelling 
approach corroborate baseline statements made by De Battista et al. (2015) based on field fibre 
optic strain monitoring. 


1 INTRODUCTION 


Underground spaces host many of today’s applications such as storage, energy and transport infra- 
structure and are becoming increasingly important in urban development (Paraskevopoulou et al. 
2019). Recent notable examples of key underground projects include London Crossrail, which 
incorporated the Sprayed Concrete Method (SCM) in construction of new station platforms. 
Tunnels constructed using SCM are a practical for use in complex underground spaces in 
soft ground. The method involves the application of ‘thin’ layers of concrete, sprayed through 
a pressurised hose. The support and lining are optimised of through observation of deform- 
ations. SCM is commonly incorporated into underground structures comprising a network of 
intersecting entrances, exists and passageways formed by openings in the main ‘parent’ tunnel. 


1.1 Stress distribution and reinforcement around tunnel openings 


The design of complex underground spaces must accommodate the additional stresses formed by 
tunnel openings. These stress concentrations are a result of the disruption in the ‘flow’ of stress 
around the parent tunnel akin to the flow of a river (Figure 1b). This mechanism is described by 
a circular hole in an infinite thin element under uniaxial force (Pilkey et al. 2020). Tensile and 
compressive stress concentrations develop around the opening relative to the direction of force 
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and are expressed in the lining as axial force and bending. To accommodate these stresses, a thick- 
ening layer of concrete is applied at a nominal distance from the intersection and steel rebar sup- 
port is installed around the opening (Thomas 2008). As an example, reinforcement designed for 
cross-passages at Farringdon Station, London Crossrail extended half the diameter of the child 
tunnel (Arasteh 2018). Combined, the thickening layer and initial primary layer were approxi- 
mately 800 mm thick to manage the increased compressive stresses (Figure 1a). 


Primary sprayed 
concrete lining 


Thickening layer 


Figure 1. Schematic illustration of an SCL tunnel opening showing a) cross section and b) elevation. 


1.2 Design of reinforcement and monitoring 


Design of reinforcement utlises numerical analysis to predict the magnitude of axial force (N) and 
bending moment (M) around a given cross section. These values are input into thrust-moment 
Capacity Limit Curves (CLC) which indicate a theoretical maximum N and M envelope for 
a given lining thickness (Bloodworth and Su 2018, Sauer et al. 1994). A lining capacity check, 
with the results from numerical analysis, enables reinforcement design optimisation. This meth- 
odology relies heavily upon the predicted N and M values from numerical analysis. However, 
currently there is only limited field data capturing lining behavior around a tunnel opening to 
calibrate numerical models (De Battista et al. 2015). Post construction monitoring is common 
practice and used to monitor the performance of the concrete lining. However, the optical dis- 
placement sensors and pressure cell instrumentation are not considered reliable for calibration 
of numerical models due to vulnerability to installation errors and calculation assumptions (De 
Battista et al. 2015, Clayton et al. 2002). 

De Battista et al. (2015) conducted continuous fibre optic strain monitoring during the con- 
struction of a cross-passage at Liverpool Street Station. The aim of the field monitoring was 
to attain continuous strain profiles that could be used for numerical model calibration. Strains 
of two opposing cross-passages, in the hoop and longitudinal directions, were monitored after 
the construction of the thickening layer at a distance of 0.5 m and 2.0 m from the opening. De 
Battista et al. (2015) reported that both tensile and compressive strains recorded from the 
monitoring exercise returned values that were consistently half or less of the design values pre- 
dicted from numerical modelling. The consistent disparity between the numerical analysis and 
field data indicates shortcomings in the existing modelling methodology used in industry. 


1.3. Numerical modelling methodology 


It is recognised that two-dimensional analyses and analytical solutions, such as Kirsch Solu- 
tion, do not accurately represent the stress distribution around tunnel openings (Jones 2007, 
Spyridis et al. 2015). Jones (2007) cites three-dimensional numerical analyses with modelling 
of excavation sequence as required to produce satisfactory prediction of stresses. 
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Plate elements (also known as shell elements) are commonly adopted in three-dimensional 
numerical analysis for modelling of SCM tunnel linings. Ing et al. (2015) details the use of 
plate elements in the design of a cross-passage at Farringdon Station for the London Crossrail 
project to complete lining capacity checks. Academic contributions to the investigation of 
tunnel behavior at openings also commonly utilise plate elements including numerical investi- 
gations by Jones (2007) and Spyridis et al. (2015), among others. An example numerical 
model of a tunnel opening using plate elements is shown in Figure 2. 


S 


ae 


Figure 2. Example three-dimensional numerical model of a tunnel opening using plate elements. 


Analysis using plate elements relies on the plane stress state, which assumes the main struc- 
ture lies in the two-dimensional x and y planes, ignoring stresses in the third-dimension for 
greater calculation efficiency. This paper aims to qualitatively examine the effect plane stress 
state on the analysis stress distribution around SCM constructed tunnel openings. In addition, 
the effect of construction procedure on shear stress distribution is investigated. 


2 MODELLING APPROACH 


2.1 Numerical simulation 


Three-dimensional finite element (FE) software enabled numerical modelling of stress distribution 
around a tunnel opening. London Crossrail informed the stratigraphy and tunnel dimensions to 
generate a representative base model. Tunnel dimensions used for Liverpool Street Station were 
reproduced for the parent and child tunnels using an aspect ratio of 0.6 and combined lining thick- 
ness of 800mm (Arasteh 2018). The tunnel was set at a typical depth of 30m below ground level. 
The ground stratigraphy was modelled using 10-node volume elements and was chosen to reflect 
the geology of the London Basin (Royse et al. 2012) and is shown in Table 1. The London Clay 
was used as the dominant geological unit, however, Made Ground and River Terrace Deposits 
were included at the topmost side of the model. 


Table 1. Geological succession used numerical models. 


Unit Top (mBGL) Bottom (mBGL) Thickness (m) 


Made Ground 0 3 3 
River Terrace Deposits 3 5 2 
London Clay 5 100 95 
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Model boundary dimensions were set at 100 m x 100 m x 100 m to negate the influ- 
ence of boundary effects. Tunnels extended to the model face for the wish-in-place 
construction. Due to the reduced lining stiffness from sequential construction, a 20m 
buffer of soil between the model boundary and tunnel was incorporated into the 
model. Model boundaries used in the wish-in-place finite element analyses are shown 


in Figure 3. 
e 


Figure 3. Finite element model dimensions and boundaries for wish-in-place construction. 


Made ground 
— River Terrace 


London Cay 


Parent tunnel 
Tunnel opening 
Child tunnel 


100m 


Sa el a 


100m 


Analysis of two tunnel lining setups allowed comparison of the effect of plane stress 
state on shear load transfer. The first model comprised plate elements to reproduce an 
integrated 800mm tunnel lining. The second model incorporated volume elements to 
independently model the primary and thickening layers of concrete. Weightless dummy 
plates with reduced stiffness were placed on the neutral axis of each layer to enable 
query of axial forces in the volumes. A comparison between the modelling approaches 
is shown in Table 2. 


Table 2. Comparison of numerical modelling approaches with plate and volume elements. 


Model Modelling Approach Lining Thickness Model Setup 
Plate Integrated primary and thickening Combined 800mm Construction of the 800mm lining 
Element layers, modelled as a single lining lining only i.e. the primary and thicken- 
using plate elements ing layers together 
Volume Individual primary and thickening Discrete 400mm Construction of the primary lining 
Element layers with separate dummy plates primary and first followed by the thickening 
on the neutral axis thickening layers layer 


Each lining setup used wish-in-place and sequential construction sequences. Wish-in-place pro- 
cedure comprised excavation of the soil volume and construction of the concrete lining in 
a single step. Sequential construction was completed using excavation advances of 1 m followed 
by ring closure. 
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2.2 Constitutive models and model parameters 


Soil behavior using linear-elastic-perfectly-plastic soil model provided a suitable approximation 
of the ground response. Tresca failure criterion accounted for the undrained conditions resulting 
from the relatively quick construction period compared to the dissipation of pore waters. Sub- 
soil layers applied earth pressure coefficient at rest (Ko) of 0.5 for near surface deposits and 1.2 
for the London Clay. 

A linear-elastic model was employed for the concrete tunnel lining to enable qualitive exam- 
ination of shear load transfer. Dummy plate elements were set with a stiffness reduced by 
a factor of 10* and no weight to avoid influence effects. Table 3 presents the concrete lining, 
dummy plate and undrained soil parameters used in the FE analyses. Undrained shear strength 
and Youngs modulus soil parameters are expressed with reference to the depth below ground 
level (z). 


Table 3. Model parameters for concrete lining, dummy plate and soil under undrained conditions. 


Stratigraphy 

Made Ground River Terrace London Concrete Dummy 
Parameters Units (Coarse) (Coarse) Clay Lining Plate 
Unit Weight [kN/m] 17 17 20 25 0 
Shear Strength (cu) [kPa] N/A N/A 75+7.5z N/A N/A 
Earth Pressure (Ko) - 0.5 0.5 1.2 N/A N/A 
Youngs Modulus (E) [MPa] 10 45 30+3z 30000 3 
Poisson’s Ratio (v) - 0.495 0.495 0.495 0.2 0.2 


2.3 Dummy plate stresses 


Due to use of a reduced stiffness factor, stresses in dummy plates were re-scaled using the fol- 
lowing equation (Papavasileiou 2014, Brinkgreve et al. 2012): 


N Dui 
Nreal = Eear: no (1) 
Dummy 


Where N,¢q; is the actual axial force of the plate element, E,eaz is the stiffness of the surround- 
ing lining volume, Npwnmy is the axial force value of the plate as shown in the output viewer 
and Epummy is the stiffness of the dummy plate. 


3 RESULTS 


3.1 Axial stress distribution around a tunnel opening 


Figure 4 presents the distributed hoop (69) and longitudinal (oL) stresses generated by the 
tunnel opening in the tunnel crown and sidewall. The axial stresses around the tunnel opening 
are shown for wish-in-place (Figure 4a,c) and sequential (Figure 4b,d) construction sequences. 
For each construction sequence a comparison of the results between models incorporating 
plate and volume elements is shown. 

Results show improved shear stress transfer between lining volumes using sequential construc- 
tion technique compared to the simpler wish-in-place method. In both the longitudinal and hoop 
directions, plate elements show stresses approximately equal to the combined stresses in the pri- 
mary and thickening layers. This results in an apparent stress concentration fifty percent greater 
than its counterpart. The results of wish-in-place construction show axial stress concentration 
factors (SCF) of 4.2 in the hoop direction and -1.0 in the longitudinal direction, with use of plate 
elements. Jones (2007) reports similar concentration factors. Results demonstrate reduced 
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maximum compressive stress concentration of approximately 7.5 MPa in the hoop direction with 
use of volume element resulting from stress distribution between the primary and thickening 
layers. In the longitudinal direction, stress is locked in the thickening layer and therefore no 
change in the maximum tensile stress concentration is gained. Stress restriction to the thickening 
layer is caused by deformation in the crown following the opening of the child and generation of 
compressive stresses in the extrados of the tunnel lining. This lining action is caused by the wish- 
in-place construction and increased lining stiffness. 

The results for sequential construction show SCF of 3.4 in the hoop direction and -4.9 in 
the longitudinal direction with use of plate elements. The results of the volume elements show 
good shear stress transfer between the primary and thickening layers of concrete in both the 
hoop and longitudinal directions resulting in maximum stress reduction of approximately half 
in both the crown and sidewalls. 
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Figure 4. Distribution of hoop (09) (a,b) and longitudinal (oL) (c,d) stresses along representative sec- 
tions around the opening in the parent tunnel showing comparison between modelling approaches using 
plate and volume elements. 


3.2 Hoop stress with distance from a tunnel opening 


Figure 5 presents results using wish-in-place (Figure 5a) and sequential construction (Figure 5b) 
for change in hoop (69) stress with distance from the opening along the tunnel spring line. As 
expected, stresses in the linings return their normal equilibrated state at distance from the open- 
ing i.e. the primary lining becomes the main load bearing element. 
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Results showing wish-in-place construction indicates no change in stress equilibration 
between analyses using plate and volume elements. Results using volume elements and 
sequential construction show significant reduction in the distance of stress equilibra- 
tion. Equilibration of stresses in the primary lining is attained 1.5m from the opening 
and over 5m in thickening layer. In comparison, use of plate elements results in stress 
equilibration over 5m from the opening. 

The results from numerical analyses indicate that the thickening layer is affected 
more by stress concentration with distance from a tunnel opening. However, the mag- 
nitude of these are stresses are low. Stresses are reduced by half just over 1m from the 
opening. Based on the analysis, it is likely that the primary lining could accommodate 
the additional stresses less than 5m from the opening as suggested by De Battista et al. 
(2015). 
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Figure 5. Change in hoop (69) stress with distance from the tunnel opening along a representative sec- 
tion on the tunnel spring line using wish-in-place (a) and sequential (b) construction methods showing 
comparison between modelling approaches using plate and volume elements. 


3.3 Results of improved modelling approach compared to monitoring data 


Fibre optic strain monitoring during the construction of a cross-passage at Liverpool 
Street Station is reported by De Battista et al. (2015) who states that all levels of strain 
recorded during monitoring were less than half the predicted design values. De Battista 
et al. (2015) also indicates localised compressive hoop strain concentrations are reduced 
by half, 2 m from the opening. 

Table 4 presents the strains calculated using Youngs modulus formula for the analysis using 
plate and volume elements and sequential construction sequence. Results from strain monitor- 
ing reported by De Battista et al. (2015) following completion of the initial pilot tunnel are also 
presented in Table 3. This stage of construction most closely matches the model setup used in 
the FE analysis. 

The results using volume elements are in good agreement with the recorded strains 
from the initial tunnel breakout. As indicated in De Battista et al. (2015), strain results 
from FE analysis in the hoop and longitudinal directions are between 35 to 40 percent 
smaller than the predicted values using plate elements. The increased hoop strain calcu- 
lated using volume elements at 0.5m from the opening is likely due to the difference in 
child tunnel diameter compared to the opening during breakout. At 2m from the open- 
ing, strain monitoring results are close to those calculated in the thickening layer using 
volume elements. This is in accordance with the fibre optic instruments positioning in 
the tunnel lining. 
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Table 4. Maximum compressive (+ve) and tensile (-ve) strains at distance from the tunnel opening with 
reference to strain monitoring following initial tunnel breakout (De Battista et al., 2015). 


Hoop strain from Longitudinal strain 
opening (ue) from opening (e) 
Analysis (Lining) 0.5m 2m 0.5m 
FE Plate (Primary + Thickening) 412 237 -430 
FE Volume (Primary) 206 146 -156 
FE Volume (Thickening) 206 81 -156 
Strain Monitoring (Thickening) 158 96 -154 


3.4 Discussion 


Numerical simulation incorporating plate elements have been shown to predict strain values 
approximately twice as great as recorded from data monitoring (De Battista et al. 2015) due to 
use of the plane stress state assumption. Plane stress state is valid for analysis of tunnels with- 
out intersections; however tunnel openings are three-dimensional geometries with out-of-plane 
elements. Although element thickness is an input into plate element models, analyses return 
poor quality results of shear stress transfer through the thickness of the lining and therefore 
may result in over-estimated predictions of stress and strain. This may account for the dispar- 
ity in monitored strain values reported by De Battista et al. (2015) and predicted values from 
numerical analysis. 

Numerical simulation can be improved via the incorporation of shear stress transfer by 
modelling the tunnel lining using volume elements. This method improves prediction of stress 
and strain distribution in tunnel linings around SCM constructed openings. 


4 CONCLUSIONS 


Results show that shear load transfer between the primary and thickening layer can be success- 
fully incorporated into three-dimensional FE analysis with use of volume elements. Calculated 
axial stresses indicate approximate equal stress distribution between the primary and thicken- 
ing layers around a tunnel opening. Modelling of shear load transfer results in an overall 
decrease in maximum stress concentrations in the order of fifty percent compared to axial stres- 
ses calculated using conventional plate elements due to elimination of the plane stress assump- 
tion. Strain conversions calculated using the proposed volume element analysis are in good 
agreement with those recorded by De Battista et al. (2015) during the initial tunnel breakout. 

The improved modelling approach presented in this study offers a notable opportunity to 
optimise over-design of support around tunnel openings constructed using the SCM and may 
be developed to benefit economic and environmental aspects of underground projects. 
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ABSTRACT: An investigation has been carried out on the behaviour and perform- 
ance of different concrete tunnel lining systems. The reinforcement requirements for 
their typical structural load-bearing systems have been analysed. Traditional design 
methods can underestimate the potential of a tunnel lining system when the models 
ignore parts of the boundary conditions. Experimental investigations have been carried 
out to provide data to improve the models and to yield more economic designs. The 
results of the experimental testing program and the academic research demonstrate 
that in many cases, moderate dose rates of fibre reinforcement can provide the 
required structural ductility, robustness and safety of tunnel linings while reducing con- 
struction cost and time. 


1 INTRODUCTION 


Concrete is the construction material of choice when speaking about tunnel linings. 
However, its inherent brittleness must be overcome to make it a ductile and reliable 
material. Reinforcement is required to bridge the tensile cracks and to provide robust, 
durable, and dependable behaviour. The purpose of the required reinforcement is usu- 
ally to provide sufficient rotation capacity. Peak load or load-bearing capacity should 
normally not be related to the reinforcement. Value engineering can save significant 
costs related to reinforcement when the load-bearing system is well understood. Find- 
ing the right reinforcement for a structural load-bearing system will yield the most eco- 
nomical design. 

This paper investigates the behaviour and performance of different tunnel lining sys- 
tems and analyses the reinforcement requirements for their typical structural load- 
bearing systems. In most tunnel linings the presence of axial thrust contributes to sig- 
nificant flexural capacity. This is especially the case for segmental linings. Experimental 
investigations show that relatively low fibre dosages can provide hardening system 
behaviour yet at relatively low levels of axial thrust. Further, the application of design 
values obtained on standard beam tests significantly underestimates the performance of 
fibre reinforced concrete (FRC) in statically indeterminate elements or structures. 

Similar conclusions can be drawn in fibre reinforced shotcrete linings where traditional 
peak load analysis produces highly conservative designs. Confinement leads to compressive 
arching action being the dominant parameter with lining thickness and matrix strength gov- 
erning the load resistance, while the degree of reinforcement plays a subordinate role. Parallel 
to academic research, industry investigations are being undertaken to better understand this 
effect and to account for the beneficial influence of compressive membrane action on out-of- 
plane load resistance. 
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2 FIBRE REINFORCED CONCRETE 


2.1 Introduction 


Since the 1980’s fibre reinforced concrete (FRC) has found its way into tunnel linings. The 
simplicity of mixing discrete fibres into the concrete and eliminating the need for manually 
placed steel reinforcement quickly gained popularity. Significant time and costs savings could 
be attained while providing the required ductility and robustness. The first segmental tunnel 
linings have been constructed in Italy where steel fibres replaced traditional steel reinforce- 
ment (ITA 2016). 

In the early 1990’s the developments on wet-mix shotcrete in Scandinavia gave a boost to 
the use of steel fibres in sprayed concrete linings. Another significant aspect was the gain in 
construction safety. Workers didn’t have to fix steel mesh in unprotected areas anymore. 

In the early 2000’s synthetic macro fibres appeared as alternative to steel fibres. With the 
development of embossed fibres a structurally equivalent or superior performance over steel 
fibres in shotcrete was found. Further, the inherent corrosion issues associated with often 
aggressive ground waters were solved. 

Synthetic macro fibres can bend and thus, pass the spraying nozzle even when their length 
is significantly larger than the nozzle diameter. Steel fibres are limited in length to approx. 
70% of nozzle diameter. Thus, significantly higher energy absorption at large displacements 
can be taken by high performing synthetic macro fibres. 

General FRC testing, e.g., for structural applications, involves beam testing. Here, the 
macro synthetic fibres are often inferior to steel fibres due to their lower modulus of elasticity. 
This somewhat retards the reinforcing effect of the synthetic fibres, resulting in the typical 
load drop after cracking. However, does this stand in the way of using macro synthetic fibres 
in tunnelling? This will be analysed in the following sections. 


2.2 Testing fibre reinforced concrete 


In general, FRC is tested on simply supported beams. In Europe, but more and more in other 
regions of the world, e.g., South America, Southeast Asia and Australia, the notched beam 
test to EN 14651 is the standard (Figure | left). In North America it is the classical unnotched 
four-point beam test to ASTM C1609. In both cases the statically determinate system causes 
one single crack representing the failure mode. 


8.0 T 
Nominal stress [MPa] EN14651 
7.0 


6.0 - 


2.0 —MSFRC4 | 
—MSFRC6 | 
1.0 —MSFRC8 | 
—MSFRCI10| CMOD [mm] 
0.0 r —— 
00 05 10 IS 20 25 30 35 


Figure 1. Standard beam test to EN 14651 (left) and load-CMOD responses for MSFRC and exploit- 
ation to MC 2010 at different dose rates for BarChip 48 macro synthetic fibres (4, 6, 8, and 10 kg/m? 
right) (Plizzari et al. 2020). 
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These test setups represent a worst-case scenario for FRC because there are no load redistri- 
bution capacities in simply supported beams, i.e., the developing crack only widens as 
a response to the continuous loading. The a.m. load drop after concrete matrix cracking is 
clearly visible, but a substantial flexion hardening can be achieved after full engagement of the 
fibres, i.e., a significant increase in resistance with increasing CMOD (or crack width). It is 
also important that the onset of fibre response (aka recovery) can be controlled with the fibre 
dose rate and performance. 

The beam tests yield basic material design values on the safe side e.g., according to Model 
Code 2010 (2012). Applying these design values to statically indeterminate structures means 
redundancy. 

Testing FRC for sprayed concrete linings typically involves panels. The different response 
as compared to simply supported beams can be seen e.g., in panel tests to EN 14488-5 
(Figure 2 left), the European harmonised standard for testing fibre reinforced shotcrete (FRS) 
for peak load and energy absorption capacity (ductility). 
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Figure 2. FRS testing to EN 14488-5. Test setup (left) and load vs. displacement response (right). 


After first crack of the shotcrete matrix the system allows for load redistribution until a new 
equilibrium is found (Figure 2 right). Another local peak can now be achieved producing the 
next crack. Depending on fibre dose rate and performance, multiple cracks can develop until 
the final crack pattern is established. The declining part of the load-displacement curve is then 
characterised by fibre pull-out. Due to its statical indeterminate setup, this test represents 
a structural response e.g., of a FRS lining much better than a beam test. Using a 100x100 mm? 
steel block for load application, a proof of punching resistance e.g., from lose rock formation 
is also given. 


2.3 Designing with fibre reinforced concrete 


General structural design of FRC uses the basic material characterisation from beam testing. 
Globally, the Model Code 2010 has found recognition with many engineers and represents 
state-of-the-art. System redundancy, e.g., by load redistribution capacity (statically indeter- 
minate systems) or significantly larger crack lengths compared to standard beams (wide elem- 
ents) can be accounted for by the augmentation factor Kra (MC2010, 7.7.2). Both conditions 
are normally given in concrete tunnel linings so that the structural design can become more 
economic. However, the structural requirements of tunnel linings and their characteristic load 
bearing mechanics must be well understood to be able to provide a robust yet economic 
design. 

Segmental linings are mostly designed using thrust-moment (N-M) interaction. Load bear- 
ing is characterised by bending and axial compression. The presence of thrust forces can sig- 
nificantly increase the load bearing capacity and reduces the requirements for flexural 
reinforcement. Thus, FRC can replace steel rebars in many cases even though the design 
values (obtained from simply supported beam tests) appear to be very low. Further, the hyper- 
static system yields load redistribution capacity of the lining. The main role of the 
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reinforcement is to provide sufficient robustness and ductility for temporary load cases. This 
includes jacking forces during TBM propulsion, which in many cases is the critical loading 
condition. 

Shotcrete linings have been traditionally designed using the so called ‘rock support chart’ 
(NGI 2015). The design approach uses the energy absorption capacity of FRS obtained from 
the a.m. panel tests. Load redistribution capacity provided by hyperstatic system is herewith 
considered. However, in-plane restraint, e.g. from rock bolting or bond is neglected, i.e. the 
supporting effect resulting from axial forces is not taken into account. 

Cast-in-place final linings are often characterised by large cross sections and huge require- 
ments for reinforcement. These don’t represent many opportunities for FRC. However, par- 
tial replacement of steel reinforcement can yield economic advantages here. 


3 EXPERIMENTAL INVESTIGATIONS 


3.1 N-M interaction 


An experimental investigation consisted of two series of tests on beam-columns intended to 
simulate a section of a tunnel lining loaded in combined compression and flexure (Gilbert & 
Bernard 2018). The first series modelled a fibre reinforced shotcrete lining in which 20 speci- 
mens were divided into four sets of five beam-columns, and an average compressive stress of 
either 0, 2.0, 4.0, or 6.0 MPa was applied to each specimen as it was tested in flexure. 

The range of average compressive stress considered in the experiments (0—6 MPa) is typical 
of the range of average in-service compressive stress levels found in practical tunnel linings. 
A good rule of thumb is, that tunnel linings are typically using between 5% to 30% of the com- 
pression capacity of a member (Nitschke 1998). 

The Series 1 specimens were cast using a nominal 32 MPa shotcrete mixture consisting of 
FRS dosed with 7 kg/m? BarChip 48 macro synthetic fibres. The mean ultimate compressive 
strength (UCS) of the Series 1 shotcrete specimens measured using 100mm diameter cylinders 
was 49 MPa at the time of testing (90 days). 
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Figure 3. N-M test arrangement (left) and layout of components and test specimen (right). 


The beam-columns measured 2000 mm in length and 200x200 mm? in cross-section and 
were made entirely of FRC with no reinforcing bars. With the end supporting pivots included, 
the beam-column measured 2524 mm total length. Figure 3 shows the test arrangement. 

The experimental results showed that the apparent toughness of MSFRC increases as axial 
stress increases (see Figure 4 for Series 1). With no axial load, the mix showed strong strain 
softening as for a standard simply supported beam. But when the axial stress was 2 MPa, the 
curve was nearly elastic-plastic in bending, and when axial stress was 4 MPa or higher, the 
mix displayed strong strain-hardening system behaviour in bending. For N=6 MPa the dip in 
capacity at 0.03 radians of rotation was caused by crushing of the concrete in the shallow com- 
pression zone. 
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Spacing between cracks also fell as the axial stress increased (Figure 5). For zero axial 
stress, only one crack occurred so spacing between cracks was undefined, but as axial stress 
increased the number of cracks also increased. For 6 MPa, there were 4-5 cracks in the 
500 mm central region of the specimens with uniform bending moment. 

The crack width could be approximately estimated by multiplying depth by crack rotation 
for N=0 MPa, but for higher axial load the depth of the neutral axis increased to 20 mm for 
N=2 MPa, about 40 mm for N=4 MPa, and 50 mm for N=6 MPa (average values). 
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Figure 4. Bending moment vs. crack rotation for different levels of axial thrust (Series 1) — N=0 (top 
left), N=2 MPa (top right), N=4 MPa (bottom left), and N=6 MPa (bottom right). 


Note the change in scale for the applied bending moment at the different levels of axial 
stress in Figure 4. 
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Figure 5. Mean crack spacing for Series 1 (left) and multiple crack development (right). 
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3.2 Full scale segment testing 


An experimental campaign was carried out at the University of Brescia, Italy. Full scale pre- 
cast segments were produced using the formwork of the Scilla tunnel (Plizzari et al. 2020, Tra- 
bucchi et al. 2021). The experimental investigation was conducted to assess the viability of 
MSF reinforcement for use in precast tunnel segments, focused on the temporary load stages, 
and was conducted in three stages: 


1) Material characterization (see section 2.2, Figure 1) 
2) Full scale tunnel segments subjected to flexural testing, and 
3) Full scale tunnel segments exposed to in-plane point loads. 


A dose rate of 8 kg/m? BarChip 48 fibres, yielding FRC classification 2.5e to Model Code 
2010, was chosen for the full-scale testing. Segments were 200 mm thick and 1100 mm wide, 
made of FRC only, hybrid (FRC and optimised rebar cage), and full rebar cage. 


Flexural Tests 
Load vs. Net deflection 


a a: a A —MSFRC-BI 
—MSFRC-B2 —Hybrid-B1 
—Hybrid-B2 


10.0 12.5 15.0 
Deflection [mm] 


Figure 6. Testing setup and monitoring for flexural performance of the segments (left) and load vs. cen- 
tral displacement response of the segments (right). 


Figure 6 (left) shows the flexural loading arrangement to evaluate the flexural behaviour, 
which is required for temporary construction phases (demoulding, storage, transportation, 
and positioning) and the in-service stage. A central flexural load was applied to the segment in 
a three-point bending configuration, including two full width rollers at either end, providing 
continuous support at 1.60 m span. 

The flexural response of the three different reinforcement solutions can be observed and 
compared in Figure 6 (right), while also being assessed against the two design criteria for SLS 
and ULS from the original Scilla project, which are plotted as dotted lines. Note that all speci- 
mens, especially the fibre reinforced ones, exhibited significantly higher initial peak loads than 
the ultimate design load of Pyzs = 28.6 KN. 
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Figure 7. Multiple crack formation for FRC only segment (left) and referring load vs. displacement (right). 
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Even though the test setup is statically determinate (like a simply supported beam), the 
FRC segments without additional reinforcement showed two remarkable occurrences 
(Figure 7): 


1) Multiple cracking and 
2) Significantly less pronounced peak load drops than those exhibited by the standard beams 
tested according to EN 14651, as result of the significantly larger cross-sectional width. 


In fact, a stress redistribution along the large segment width (1100 mm) can take place, 
while standard notched beam samples present a very small specific failure area (150 x 
125 mm?,, allowing a better exploitation of FRC post-cracking residual strengths. This is well 
in line with the considerations for the a.m. augmentation factor for redundancy in Model 
Code 2010 (see section 2.3). 


3.3 Restraint in shotcrete linings 


Normal Yield Line Theory assumes that bending resistance at cracks is responsible for resist- 
ance to out-of-plane loads such as ground pressure. It is further assumed that this moment 
resistance is constant. In reality, in-plane restraint greatly increases bending resistance as the 
cracks widen, leading to enhanced capacity. Yield Line Theory is quite amenable to analysis 
of shotcrete linings and unbonded plates, but at present only accounts for bending resistance 
and does not account for in-plane restraint. Testing and analytical development has given rise 
to new models of unbonded restrained lining behaviour (Reid & Bernard 2020, Bernard & 
Winterberg 2023). 


Figure 8. Large restrained panel test configuration (left) and crack development in loading process 
(right). 


An experimental investigation was undertaken in which large round panels (2,400 mm 
diameter and 75 mm depth) with varying degrees of radial restraint were subjected to central 
point load tests (Figure 8 left). A nominal 32 MPa shotcrete mix was used with five different 
types of fibre reinforcement. Restraint was realized with a 16 mm thick steel ring around the 
perimeter. The panel test configuration with a square bolt pattern showed yield line develop- 
ment and concrete crushing at the circumferential crack arising from out-of-plane loading 
(Figure 8 right). 

The results show a significant increase in out-of-plane load bearing capacity provided by 
the circumferential restraint. Plain shotcrete panels exhibited a load capacity that far exceeded 
the expected capacity Figure 9 left). The restrained panels produced a maximum load resist- 
ance that was less than the predicted shear capacity, however. The unrestrained MSFRS 
panels with 7 kg/m? BarChip 48 (solid lines) produced a maximum capacity very close to that 
predicted by Yield Line Theory. The restrained panels produced a maximum load resistance 
close to predicted shear capacity. 
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Figure 9. Large diameter panel test results for restrained and unrestrained panels. Plain shotcrete (left) 
and FRS using 7 kg/m? BarChip 48 (right). 


4 SUMMARY & CONCLUSIONS 


Standard tests on simply supported beams, e.g., ASTM C 1609 or EN 14651, substantially 
underestimate FRC performance in tunnel linings where axial compression is present. Mono- 
tonic bending tests on beam-columns with varying degrees of low to moderate axial thrust 
demonstrated that the axial compressive stress yields a strain-hardening system behaviour 
while using a strain-softening MSFRC material. The need for expensive strain-hardening 
material behaviour becomes dispensable in the presence of moderate levels of axial thrust. 

Wider elements, such as precast tunnel segments, enable load redistribution along the larger 
crack path as the internally hyperstatic element generates system redundancy. This consider- 
ably mitigates the load drop for MSFRC after cracking as occurring in simply supported 
beams and also, allows for multiple cracking. 

Regarding shotcrete linings, in-plane compression is more important than high degrees of 
reinforcement for controlling crack widths. Using standard specimen test results, e.g. ASTM 
C1550, significantly underestimates load-bearing capacity of bonded shotcrete linings. Elastic 
and Yield Line models grossly underestimate load resistance when in-plane restraint is pre- 
sent. Today, analysis methods are improving with the introduction of Compression Mem- 
brane Action. 


REFERENCES 


ASTM C1609/C1609M 2012. Standard Test Method for Flexural Toughness of Fiber-Reinforced Con- 
crete (Using Beam with Third-point Loading). ASTM International, West Conshohocken, PA. 

ASTM C1550 2019. Standard test method for flexural toughness of fiber reinforced concrete (using cen- 
trally loaded panel). ASTM International, West Conshohocken, PA. 

Bernard, E.S. and Winterberg, R. (2023). Parametric analysis of shotcrete lining capacity using an 
improved Compressive Membrane Action model. Proceedings of the World Tunnel Congress, Athens, 
Greece, 12-18 May 2023 (in press) 

EN 14488-5 2006. Testing sprayed concrete — Determination of energy absorption capacity of fibre 
reinforced slab specimens. European Committee for Standardisation (CEN) 

EN 14651 2006. Test Method for Metallic Fibre Concrete — Measuring the Flexural Tensile Strength 
(Limit of Proportionality (LOP), residual). European Committee for Standardisation (CEN) 

Gilbert, R.I. and Bernard, E.S. 2018. Post-cracking ductility of fibre reinforced concrete linings in com- 
bined bending and compression, Tunnelling and Underground Space Technology, Volume 76, 2018, 
Pages 1-9, ISSN 0886-7798, https://doi.org/10.1016/j.tust.2018.02.010. 

ITA WG2 2015. Twenty years of FRC tunnel segments practice: lessons learnt and proposed design pro- 
cedure. Report from /TA/AITES Working Group 2 Research, www. ita-aites.org 


1090 


fib Model Code 2010. Bulletins 65 and 66, Fédération Internationale du Béton, Lausanne. 

NGI 2015. Using the Q-system. Rock mass classification and support design. NGI, Oslo 

Nitschke, A. 1998. Tragverhalten von Stahlfaserbeton für den Tunnelbau. Dissertation. (in German. 
Load Bearing Behavior of Steel Fiber Reinforced Concrete for Tunneling. Doctoral Thesis.) Tech- 
nisch-wissenschaftliche Mitteilungen des Instituts fiir konstruktiven Ingenieurbau der Ruhr-Universität 
Bochum, TWM 98-5, 1998. 

Plizzari, G.A., Tiberti, G., Conforti, A., Trabucchi, I. and Mudadu, A. 2020. Experimental study on the 
use of macro-synthetic fibers in precast tunnel segments. Technical report, University of Brescia, Italy, 
June 2020 

Reid, S.G. and Bernard, E.S. 2020. The Influence of In-plane Restraint on the Point Load Resistance of 
Fibre Reinforced Shotcrete, Structural Concrete, 22 (1):476-490. 

Trabucchi, I., Mudadu, A., Tiberti, G., Conforti, A., Plizzari, G.A., Winterberg, R. 2021. Structural 
behavior of precast tunnel segments reinforced by macro-synthetic fibers during temporary loading 
phases. Proceedings BEFIB 2021 RILEM-fib X International Symposium on Fibre Reinforced Con- 
crete, Valencia, Spain, 20-22 September 2021. 


1091 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Design of support structure for spatially small-spaced four-tube 
tunnels: A case study of the He’ao tunnel in China 


M.Q. Xiao, C. Xu, Q. Zheng & C.S. Peng 
China Railway Siyuan Survey and Design Group Co., Ltd., Wuhan 
National & Local Joint Engineering Research Center of Underwater Tunneling Technology, Wuhan 


ABSTRACT: The quantitative design and safety analysis of support structure parameters 
for multi hole space tunnels with small clear distance are a major problem in current design. 
This paper is aimed at the design of He’ao tunnel in Shenzhen Ji-he Expressway, China. The 
total safety factor method is used to study and compare the excavation and support modes, 
excavation sequence and support parameters of the four tunnels. The conclusions are as fol- 
lows: (1) Based on the principle of total safety factor method, the design method of multi hole 
space tunnel with small clear distance is proposed; (2) For the spatially small-spaced four-tube 
tunnels, the excavation and support mode of “excavation of the next tunnel after the second- 
ary lining completion of the first tunnel” shall be adopted, and the excavation sequence shall 
be tunnel 1 — tunnel 2 — tunnel 3 — tunnel 4. (3) This paper can provide theoretical guidance 
and reference for similar engineering design. 


1 INTRODUCTION 


Multi-tube space-small tunnels are small clearances tunnels with two or more overlapping 
(staggered) layers built intensively at the same site, such as the shallow buried three-tube tunnel 
of South Hongshan Road in Nanjing, the four-tube group tunnel of Dunhua Road Station of 
Qingdao Metro, the overlapping section tunnel of Chongqing Rail Transit Line 6 photoelectric 
park, the double-tube double overlapping tunnel of Shenzhen Metro Lines 5 and 7, the four- 
tube tunnel groups of Badaling underground station, the Hongyancun tunnel group composed 
of the four tunnels on three vertical lines of Chongqing Expressway and the Hongyancun cut- 
and-cover station tunnel on Rail Transit line 5, etc., are all three-tube and above tunnel pro- 
jects with small clearances, which are mostly parallel tunnels in terms of spatial distribution, 
with some tunnels in are stacked and staggered alignments. For tunnels with small clearances 
in space, the quantitative design of their support structures is a major challenge in current 
design as the small space between each tube, complex spatial interaction, large mutual influence 
in construction, and few engineering cases. 

Previous studies have mostly focused on the interactive effects of double-tube parallel small 
clearances tunnel construction. Xiao, M.Q. (2004), Shu, Z.L. (2007) and Liu, J.G. (2009) 
deduced the load modes and calculation methods under three working conditions of shallow 
burial, shallow burial bias and deep burial respectively for the double tunnel with small clear 
distance, and related research results have been included in the Highway Tunnel Design Code 
Section 1 Civil Engineering (JTG 3370.1-2018). Yao, Y. et al. (2007), Huang, L.H. et al. 
(2007) and Xiao, M.Q. et al. (2020) studied the damage and deformation of the surrounding 
rocks and the mechanical properties of the support structure in twin-tube small clearances 
tunnels by means of field tests, model tests and theoretical analysis, and obtained conclusions 
that guidance the design. 
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In terms of multi-tube space and small clear distance tunnel design method, Code for Design 
of Railway Tunnel (TB 10003-2016) and Highway Tunnel Design Code Section 1 Civil Engin- 
eering (JTG 3370.1-2018) and other design specifications for various industries do not give the 
load value and support parameter calculation method related to multi-tube space tunnel. At 
present, engineering analogy combined with numerical analysis is mainly adopted. The engin- 
eering analogy method itself cannot quantitatively evaluate the safety of the tunnel support 
parameters. Conventional numerical analysis methods can simulate the state of forces during 
the construction of each tunnel, but still only qualitatively judge the safety of the tunnel. 

In terms of the construction sequence of tunnels, according to the construction experience at 
home and abroad, the construction sequence is generally “from bottom to top”, that is, the con- 
struction of the lower tunnel is carried out first, and the excavation of the upper tunnel is carried 
out after the secondary lining construction and the bearing requirements are met. However, for 
multi hole layered tunnels, the rationality of the excavation sequence of the same layer tunnel 
lacks the basis for quantitative discrimination, and there is no relevant quantifiable design and 
research method. 

To sum up, the existing design methods and theories can not quantify the design and analysis 
of the construction sequence and support parameters of the multi hole space tunnel with small 
clearance. In this paper, the safety, economy and feasibility of the support parameters under 
different excavation and support modes and different excavation sequence combinations are 
compared and analyzed by using the total safety factor method based on the He’ao Tunnel, 
which can provide reference for similar engineering design. 


2 PROJECT BACKGROUND 


The Shenzhen Airport-He’ao Expressway is located in the central area of Shenzhen and is the 
east-west traffic axis of the Guangdong-Hong Kong-Macao Bay Area. The route is about 
43 km of length and adopts the technical standard of a two-way eight-lane motorway with 
a design speed of 100 km/h. The He’ao Tunnel is located in the middle section of the express- 
way, with a total length of 6056 m. It will be built by three methods: shield method, mining 
method and open-cut method, as the shield section is a twin-tube and two-layer tunnel, while 
the exit end of the tunnel is a four-tube parallel tunnel to connect with the ground section. 
The four-tube spatially small clearances tunnel is 310 m length and the overall layout is shown 
in Figure 1(a). 


@ section of mined 
overlappi 


@ section of open-cut nt chy 
overlapping tunn E| —— — Strongly weathered — 


=| — argillaceous siltstone 


Moderately weathered 
argillaceous siltstone 


@ Section 


@ Section of spatially & 
small-spaced four- = 
tube tunnels 


| 15.61m_| 


Figure 1. (a) 3D model of He'ao Tunnel. (b) Positional relationship of four tunnels. 


The spatially small-spaced four-tube tunnels consisting of lines Z2, Z, Y and Y2 (hereafter 
referred to as Tube 1, Tube 2, Tube 3 and Tube 4). Tube 1 and Tube 4 have two lanes + 
3.0 m hard shoulder with an excavation size of 16.19 m x 11.79 m; Tube 2 and Tube 3 have 
two lanes + 2.5 m hard shoulder with an excavation size of 15.61 m x 11.41 m. The tunnels 
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Table 1. Mechanical parameters of the surrounding grond. 


Elastic modulus Poisson’s Frication Cohesion 
Type E/GPa ratio v angle @/(°) c/MPa 
Moderately weathered tuff 47.2/6.40 0.27 35 0.8 
Moderately weathered sandstone 55.6/4.83 0.28 32 0.4 
Moderately weathered argillaceous 15.7/1.30 0.29 30 0.27 
siltstone 
Strongly weathered argillaceous 0.155 0.3 30 0.032 
siltstone 
Silty clay 0.059 0.32 18.7 0.026 


Note: The values on the left and right sides of “/” in the column of elastic modulus are the values before and 
after correction, the research results of HOEK et al. (2002) are revised. 


are lined with a composite lining of shotcrete-bolt support and the secondary lining is of 
a drainage type structure. The minimum clear distance between the four Tubes is 2.2 m. The 
overburden thickness of the upper tunnel is 19.12~58.05 m. Position of these tunnels is shown 
in Figure 1(b). The upper tunnel is in a strong-moderately weathered mud siltstone stratum, 
while the lower tunnel is mainly in a moderately weathered mud siltstone and moderately wea- 
thered sandstone stratum. The groundwater is mainly bedrock crevice water, which is rela- 
tively developed, and the buried depth of water level is 13.60~68.00 m. 
Table 1 summarizes the mechanical parameters of the ground of the tunnel site. 


3 DESIGN OF TUNNEL SUPPORT STRUCTURES 


The structural clearance of the small clearance section of He’ao Tunnel is very small, the con- 
struction interaction is large, and the structural stress is complex. In order to ensure the safety 
and economy of structural design, the total safety factor method is used to compare and select 
the construction sequence and support parameters of the tunnels. 


3.1 Principle of the total safety factor method 


The design principle of the total safety factor method is detailed in literature (Xiao, M.Q. 2020). 
This method takes the tunnel approaching or reaching the failure stage as the research object, 
adopts the combination of ground-structure method and load structure method, organically 
integrates the surrounding rock, load and support structure, and then establishes a method that 
can uniformly evaluate and calculate the safety of tunnel support structure. 

When using the total safety factor method to design the support structure of four-tube tun- 
nels, in addition to considering the load value and the safety factor calculation of the support 
structure according to the conventional tunnel, the influence of different excavation sequence 
combination on the safety and economy of the support parameters can also be obtained 

In the calculation of surrounding rock pressure, the “design value of surrounding rock pres- 
sure” is adopted, that is, according to the characteristics that the surrounding rock pressure of 
the tunnel changes with many factors (support parameters, support timing, support material 
characteristics, etc.), taking the tunnel approaching or reaching the failure stage as the 
research object, the “hypothetical” support force required for the design of tunnel support 
structure that can meet the two indicators of safety and economy at the same time is obtained. 
The specific steps of the general calculation method for the design value of surrounding rock 
pressure are as follows: 


(1)A numerical analysis model is established, the original physical and mechanical parameters 
of the surrounding rock are strength-discounted with a discount factor of 1.15, then the 
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design contours are excavated in sequence, support forces are applied, calculations are 
made until convergence, and the extent of the damage area is calculated. 

(2) Adjust the support force until it equals the resistance required to maintain the gravitational 
balance of the surrounding rock within the damage zone, i.e. the minimum support force. 
(3)The minimum support force is multiplied by a certain safety factor as the design value of the 
surrounding rock pressure. Generally speaking, for shallow buried tunnels with a clearer pat- 
tern of rock damage and support bearing, a safety factor of 1.0 is desirable, while for deep 
buried tunnels where the deformation pressure is predominant and is influenced by the stiff- 
ness and timeliness of the support, a safety factor of 1.4 or more is generally taken, and is 
based on the importance of the project, the stringency of the deformation control and other 

factors adjustment. 


In the calculation of the support structure, the support structure of tunnel is divided into 
anchor rock bearing arch, layer of shotcrete (including steel frame) and secondary lining three 
layers of structure, after calculating the safety coefficient of anchor rock bearing arch, layer of 
shotcrete and secondary lining respectively, the lower limit of the total safety coefficient of the 
support structure can be approximated by the following formula: 

during construction (no secondary lining), 


K: = Ki + Ky (1) 
during operation, when using durable rock bolts, 
Kop = 1K, + ŠK: + K3 (2) 
during operation, when using non-durable rock bolts, 
Kop = ČK: + K; (3) 


where Kı, K and K; are the safety factor of anchor rock bearing arch, layer of shotcrete and 
secondary lining respectively when bearing full design value of surrounding rock pressure, 7 is 
the correction factor of anchor rock bearing arch, ¢ is the adjustment factor of bearing cap- 
acity of shotcrete. 


3.2 Calculation method of support structure of four-tube tunnel with spatially small clearances 


According to the timing of the secondary lining construction of the four-tube tunnel, it can be 
divided into two construction organization schemes: one is to excavate the next tunnel after 
the secondary lining of the first tunnel is completed; The other is that after the primary lining 
of each tunnel is completed, the secondary lining is finally poured. 


3.2.1 Mode 1 of exaction and support 
When the construction sequence of excavating the next tunnel after the secondary lining of 
first tunnel is completed, the calculation steps of support parameters are as follows: 


(1)The excavation sequence of each tube tunnel is proposed. For four-tube tunnel with spa- 
tially small clearances, the construction is carried out in the order of the first down then up, 
and the tunnel in each layer is constructed in the principle of first difficult and then easy. 
According to this principle, there are two schemes: Tube | — Tube 2 — Tube 3 — Tube 4 
(hereinafter referred to as scheme A) and Tube 1 — Tube 2 — Tube 4 — Tube 3 (herein- 
after referred to as scheme B), as shown in Figure 2. 

(2)The calculation of primary lining of Tube 1: @calculate the design of surrounding rock 
pressure (P11) after excavation according to the initial in-situ field; @ According to the total 
safety factor method, the primary lining parameter X, and its safety factor Kx, of the 
Tube 1 are obtained, and Kx; is not less than 1.8 ~ 2.1. 


1095 


Excavation 1 Excavation 1+2 


Excavation 1+2+3 4 Excavation 1+2+4 


Excavation 1+2+3+4 


Figure 2. Analysis model of two excavation sequences. 


(3)The calculation of primary lining of Tube 2: Mcalculate the design values of surrounding rock 
pressure P}> and Pz after simultaneous excavation of the Tube | and the Tube 2 according to 
the initial in-situ stress field; @According to the total safety factor method, the primary lining 
parameter X, and its safety factor Kx. of the Tube 2 are obtained, and Kx. is not less than 
1.8~2.1. 

(4) The calculation of primary lining of Tube 3: Mcalculate the design values of surrounding rock 
pressure P13, P23 and P33 after simultaneous excavation of the Tube 1, Tube 2 and Tube 3 
according to the initial in-situ stress field; @ According to the total safety factor method, the 
primary lining parameter X3 and its safety factor Kx33 of the Tube 3 are obtained, and Kx33 is 
not less than 1.8 ~ 2.1. 

(5)The calculation of primary lining of Tube 4: @calculate the design values of surrounding 
rock pressure Pj4, P24, P34 and P44 after simultaneous excavation of the Tube 1, Tube 2 
Tube 3 and Tube 4 according to the initial in-situ stress field; @According to the total 
safety factor method, the primary lining parameter X4 and its safety factor Kx44 of the Tube 
4 are obtained, and Kyx44 is not less than 1.8 ~ 2.1. 

(6)The calculation of secondary lining parameters of Tube 1: @using the total safety factor 
method, calculate the secondary lining parameters of the Tube 1 (Y1ı) and its safety factor 
(Ky11) according to P41, and the total safety factor with Ky , is not less than 3.0 ~ 3.6; @adopt 
total safety factor method, calculate the safety factor Kx12, Kxi3, Kxi4 of the primary lining 
parameter X, of the Tube 1 according to the loads of P12, P13 and P14, in the case of ensuring 
that the total safety factor of the primary lining and the secondary lining is not less than 3.0 to 
3.6 Then, the secondary lining parameters Yj2, Yi3, Yi4 and their safety factors Kyj2, Ky13, 
Kyi4 of the Tube 1 are obtained; @combining Y,;, Yj2, Yı3 and Yq, the final secondary lining 
design parameter Y, is obtained according to the principle that safety can envelop all stages; 
@repeat steps © to © to obtain the final safety factor K, of the Tube 1 under the condition of 
the primary lining parameter X, and the secondary lining parameter Y;. 

(7)Calculation of secondary lining parameters of others Tubes: the primary lining parameters 
X>, X3, X4 and the secondary lining parameters Y2, Y3, Y4 for Tube 1, Tube 2, and Tube 3 
are derived from step 6) and the finial safety factor K>, K3 and K4 are obtained. 


3.2.2 Mode 2 of excavation and support 
When following the construction sequence of pouring secondary lining after primary lining of 
each Tube is completed, the calculation steps of the support parameters are as follows: 
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(1)Calculation of primary lining of Tube 1: Musing total safety factor method to obtain the 
primary lining parameters X11, X12, X13 and X14 and the corresponding safety factors Kxj1, 
Kx12, Kx13, Kx14 are derived for each stage according to the support forces P11, P12, P13, 
P 4 respectively, with the safety factor for each stage not less than 1.8 to 2.1. @combine X4, 
Xə, X3, and X4 to derive the finial support design parameters X; for Tube 1 according to 
the principle that safety can encompass all stages; @recalculate the minimum safety factor 
K,, for each stage of Bore 1 Tube under the primary lining parameter X4. 

(2) Calculation of primary lining for others Tubes: for the Tube 2, the loads at each stage are Px, 
P>, and P 4 respectively, and base on the total safety factor method, a safety factor of not less 
than 1.8 to 2.1 can be taken to obtain the corresponding support parameters X22, X23 and X24 
for the three stages. In accordance with the principle that safety can envelop all stages, the 
finial primary lining is obtained; By analogy, the finial primary lining design parameters X3, X4 
are obtained for Tube 3 and Tube 4, as well as the corresponding finial safety factors K3., K4c. 

(3)The construction time of secondary lining is after the completion of excavation primary 
lining, so the load that can affect the secondary lining is only the support force of each 
Tube in the last excavation state, which are P14, P24, P34 and P44 respectively; the primary 
lining has been determined as Xj, X2, X3 and X4, and the respective safety factors Kx14, 
Kx24, Kx34 and Kyx44 are calculated. Calculate the secondary lining parameters Y1, Y2, Y3, 
Y, and their corresponding safety factors Ky14, Ky24, Ky34, Ky44, the total safety factor of 
each Tube needs to be greater than 3.0~3.6. 


3.3 Calculation of design value of surrounding rock pressure 


Building the finite element model to simulate different excavation stages. By continuously adjust- 
ing the support force, the ultimate equilibrium state formed by matching the support force of each 
excavation stage with the self-weight of the damage zone is obtained, and the design value of the 
surrounding rock pressure is calculated according to the distribution pattern of the damage zone, 
the results are shown in Table 2. 


Table 2. Design value of the surrounding rock pressure in different 
excavation sequences. 


Excavation sequences 


number 1 2 3 4 

Tube 1 Pii Pi P33 P14 
Tube 2 — Paz P 3 P4 
Tube 3 — —: P33 P34 
Tube 4 — — = P44 


Notes: i in P;; represents the Tube number, j represents the excavation 
sequence. 


The surrounding rock damage pattern of surrounding rock and the simplified load model 
of each excavation stage in ultimate equilibrium state for two excavation sequences, Tube | — 
Tube 2 — Tube 3 — Tube 4 and Tube 1 — Tube 2 — Tube 4 — Tube 3, are shown in Fig- 
ures 3 to 6. According to Figure 3~Figure 6, the design value of surrounding rock pressure at 
each stage of the four-tube tunnel is calculated as shown in Table 3. 


3.4 Support parameters and safety factor 


In terms of support parameters, these were first drawn up according to mode 1 (Tube 1 > 
Tube 2 — Tube 3 — Tube 4 excavation sequence). The support parameters for each tube in 
each excavation stage were designed and enveloped according to the principle of the total 
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Figure 3. (a) Pı; stress mode; (b) P12, P22 stress mode. 


Figure 6. P14, P24, P34 and P44 stress mode. 


safety factor method, and the support parameters obtained are shown in Table 4. Based to 
the determined support parameters, the safety factor of the primary lining and secondary 
lining of each tube in each excavation stage was recalculated and the minimum value was 
taken. The calculation results of the safety factor are shown in Table 5, which shows that the 
safety factor of the primary lining obtained from the design is greater than 2.1, and the total 
safety factor of the composite lining is greater than 5.0 (according to the characteristics of 
the project, a larger safety factor is chosen to ensure safety), which meets the requirements of 
the total safety factor method. 
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Table 3. Design values of surrounding rock pressure of four-tube tunnel at different phases. 


Design value of load 


Vertical Horizontal 
Construction steps Load number qı QD Clu eid eu ed 
S1-1 Pii 346.8 346.8 142.19 142.19 142.19 142.19 
S1-2 Pi 357 357 146.37 146.37 146.37 146.37 
Px 148.2 148.2 60.76 60.76 60.76 60.76 
S1-3 Pi3 536.46 274.67 156.87 249.35 127.70 170.71 
Px 537.05 573.42 174.86 237.08 106.87 154.6 
P33 475.65 349.5 151.15 223.48 103.94 159.42 
S2-3 P4359 357 357 146.37 146.37 146.37 146.37 
P 3.59 440.8 180.73 180.73 86.98 59.92 108.39 
P 43-59 311.9 162.56 94.61 115.57 30.3 74.98 
S1-4 Pig 536.46 274.67 156.87 249.35 127.70 170.71 
Pr 726.41 321.5 176.43 239.59 59.92 108.39 
P34 457.7 479.8 120.15 139.86 89.42 137.15 
Pag 311.9 162.56 94.61 115.57 30.3 74.98 


Note: S1 and S2 represent the excavation scheme A and B respectively; vertical and horizontal loads are trapezoidal 
loads; qı and q are the left-hand and right-hand of vertical load respectively; e;,, and e44 are the left-hand upper and 
lower of horizontal load respectively; evu and eg are the right-hand upper and lower of horizontal load respectively. 


Table 4. Support parameters of spatially small-spaced four-tube section. 


Primary lining Strengthen C40 secondary lining 
support 
C30 (Steel Circumferential 
Shotcrete Rock bolt frame) 
Arch wall/ Type/S Arch- Invert/ Arch wall Invert 
No. Invert/em Section Length/m Interval/m pacing/m  wall/cem cm 
1 28/28 Arch 4 1x1 122b/0.5 80 80 932@150 932@150 
wall 
2 28/28 Arch 4 1x1 122b/0.5 80 80 g32@150 932@150 
wall 
3 28/28 Arch 4 1x1 122b/0.5 70 80 932@150 932@150 
wall 
4 28/28 left135°/ 5/4 1x1 122b/0.5 60 70 932@200 932@200 
righ45° 


Note: Rock bolt specification is p25 prestressed hollow rockbolt, and pipe wall thickness 6mm. 


Table 5. Tunnel safety factor of spatially small-spaced four-tube section. 


Safety factor 


Rock Bolt Support 


Shotcrete layer System 
Secondary Primary Total safety 
Number construction operation construction operation lining lining factor 
Tube 1 1.67 1.67 1.21 1.81 3.88 2.88 7.36 
Tube 2 1.58 1.49 0.8 1 2.49 2.38 4.98 
Tube 3 1.49 1.44 1.04 0.96 3.02 2.53 5.42 
Tube 4 1.45 1.43 0.98 1.21 2.40 2.43 5.06 
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3.5 Comparison of construction schemes 


(1) Comparison of construction sequence of Mode 1: In terms of construction sequence for four- 
tube tunnels, two excavation schemes were compared: Tube 1 — Tube 2 — Tube 3 — Tube 4 
(scheme A) and Tube 1 — Tube 2 — Tube 4 — Tube 3 (scheme B). In order to save space, the 
support parameters and safety factor calculation results required by Scheme B will not be 
repeated. The overall conclusion is that scheme A is preferred to scheme B. 

(2) Comparison of excavation and support modes: Comparison of the different excavation and sup- 
port modes in the sequence of Tube 1 — Tube 2 — Tube 3 — Tube 4 shows that Mode 1 is 
inferior to Mode 2, and that Mode 2 requires a double layer of primary lining for Tube 1 and 
Tube 2, with a larger total excavation and support volume, worse economy and more compli- 
cated construction processes. Therefore, Mode 1 is recommended. 


4 CONCLUSIONS 


(1) The design method of spatially small-spaced multi-tube tunnel based on the principle of total 
safety factor method were proposed, which can provide theoretical guidance and reference for 
similar engineering design. 

(2) The total safety factor method can be used to design the support parameters of each tunnel 
under different excavation and support modes and different construction sequences for the spa- 
tially small-spaced four-tube tunnels, and to quantitatively compare the structural safety. 

(3) For the spatially small-spaced four-tube tunnels, the excavation and support mode of “excava- 
tion of the next tunnel after the secondary lining completion of the first tunnel” shall be adopted, 
and the excavation sequence shall be tunnel 1 — tunnel 2 — tunnel 3 — tunnel 4. 


In the next stage, the calculation results will be verified in combination with the construction 
measurement. 
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ABSTRACT: In the severe cold areas of northern China, it is impossible to cut and cover 
underground structures in winter, thus extending the construction period of the project. To 
address the difficulty of construction in winter, since 2012, the prefabricated construction 
technology of metro station has been studied and applied in the engineering system of Metro 
Line 2 in Changchun, Jilin Province, China. This paper briefly introduces the main technical 
contents and key technical achievements of the research and application of the prefabricated 
construction technology of metro station structures in the past 10 years, mainly including 
component joint connection technology, mechanical behaviors of structural system, earth- 
quake resistance behaviors of prefabricated structure, mechanical properties of lightweight 
structural component, waterproof technology of prefabricated structure, production technol- 
ogy of precast component and construction technology. Engineering practice has proved that 
the prefabricated assembly construction technology for metro station structures is of high 
quality, efficient, safe and environmentally friendly. It is not only suitable for the construction 
of metro stations under various environmental conditions in other cities, but also for the con- 
struction of other cut-and-cover underground structures, e.g. metro section, pedestrian pas- 
sageway, road tunnel and underground pipe rack, with a broad applicability. 


1 GENERAL INSTRUCTIONS 


In the 1980s, in order to address the difficulty of cast-in-place concrete construction in severe 
cold winter, the former Soviet Union first studied and applied prefabricated construction tech- 
nology in metro station and running tunnel projects (Frarov, 1994). The same problem exists 
in the construction of rail transit in the severe cold areas of Northeast China, where winter 
break lasts as long as 5 months a year, imposing huge pressure on the duration. 

In 2012, the author’s research team carried out the research and application of the prefabricated 
structure construction technology for cut-and-cover metro stations based on the Changchun 
Metro Line 2 Project. Up to now, 13 prefabricated stations have been successfully built. The 
actual engineering application proves that the prefabricated construction technology can not only 
solve the construction difficulty in winter in severe cold areas but also show irreplaceable advan- 
tages in terms of high quality, high efficiency, safety and environmental protection. The technol- 
ogy is also applicable to other non-cold areas. In the present age that the concept of engineering 
construction is gradually changing from the traditional economic applicability and aesthetics to 
the energy conservation, environmental protection and sustainable development, the successful 
construction of the first prefabricated station of Changchun Metro is a significant milestone, 
arousing the widespread concern of industry and society. This innovation is of great significance 
to promote the deep integration of rail transit engineering construction with industrialization and 
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informatization, as well as the transformation of the construction industry from the traditional 
labor-intensive industry to the high-end industry. 

Following Changchun Metro, the research and application of prefabricated metro stations 
in many Chinese cities have been conducted in recent years. There are various prefabricated 
construction modes, which are mainly divided into two categories, namely the fully prefabri- 
cated structure, which is represented by Changchun Metro (see Figure 1), and mainly used in 
Changchun, Shenzhen and Qingdao Metro projects, as well as the superposed prefabricated 
structure. The superposed prefabricated structure means that the station roof, floor, side wall, 
column or beam is of superposed structure, and is mainly used in Shanghai, Guangzhou, 
Jinan and Harbin Metro projects (Fan, 2019; Nong, 2019; CCCC Harbin Metro investment 
and Construction Co., Ltd, 2019; Feng, 2020). 


Figure 1. Rectangular and arched sections of fully prefabricated structures. 


The superposed prefabricated structure used in China basically has the same cast-in-place 
principle, with good structural integrity. The superposed precast components can replace or 
partially replace the cast-in-place temporary formwork system to effectively reduce construc- 
tion links and construction waste, but due to the low structural prefabrication ratio, unobvious 
advantage in construction efficiency and difficulty in controlling cracks in superposed mass 
concrete structure, countermeasures shall be taken for its use in underground lining structure. 

Based on the prefabricated station of Changchun Metro, this paper briefly discusses the 
research findings and application of the research team in the construction technology of pre- 
fabricated structures in the past 10 years (Yang 2020 & 2021) for reference in the industry. 


2 MAIN CONTENTS AND ACHIEVEMENTS OF RESEARCH 


2.1 Research on overall system architecture 


Based on the prefabricated station of Changchun Metro, the research team has carried out 
a comprehensive research on the construction technology of prefabricated structures, mainly 
including the design, comoponent fabrication, construction and auxiliary equipment, multi- 
discipline integration and other aspects (Yang et al., 2021). The overall architecture of the 
research system is shown in Figure 2. 


2.2 Comprehensive technical research on the joint 


Due to different structures, there are various grouted mortise-tenon joints, which can be used at 
different parts according to the joint positions, force characteristics and assembly process require- 
ments. The research focuses on three typical joints, long single-tenon joint, long double-tenon 
joint and short single-tenon joint. Based on a large number of 1:1 prototype joint test results, the 
mechanical and bearing performances of various joints are studied in details, including flexural 
resistance characteristics of joints, flexural stiffness characteristics, flexural bearing characteristics 
and joint failure modes, shear bearing characteristics and joint construction requirements, etc. 
The main research achievements (Yang et al., 2019 & 2020) are as follows: 
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Figure 2. Overall structure of research system. 


(1) The flexural resistance characteristics of grouted mortise-tenon joint under the action of 
axial force are revealed, and the concept of moment of resistance is proposed. As an 
important basic indicator of joint bearing capacity, the action of moment of resistance 
strongly supports the subsequent research on the mechanical behaviors of joints. 

(2) The stiffness change characteristics of the grouted mortise-tenon joint with the axial force 
and bending moment are revealed, the empirical formula of joint flexural stiffness is 
obtained by taking the derivative of fitted M-0 curve, and the main factors affecting joint 
flexural stiffness are proposed. 

(3) The bearing characteristic curve characteristics of various joints and the proportion of 
bearing capacity in different bearing stages are revealed, including 1) long single-tenon 
joint, whose failure form is the tenon bending-shear failure, and pressure feeding for tenon 
groove wall in compression zone; Its bearing characteristic curve is characterized by four 
inflection points and four stages, and the bearing capacity in the linear bearing stage 
accounts for 67%-72% of the total bearing capacity. 2) Long double-tenon joint, whose 
failure form is opening of tenon concrete cover on the tension side, bending-shear failure 
of tenon on the compression side and pressure feeding for tenon groove wall in compres- 
sion zone; Its bearing characteristic curve is characterized by three inflection points and 
four stages, and the bearing capacity in the linear bearing quasi-linear stages accounts for 
80%-84% of the total bearing capacity. 3) Short single-tenon joint, whose failure form is 
joint opening on the tension side, tenon pulling-out and pressure feeding for tenon groove 
wall in compression zone. Its bearing characteristic curve is characterized by 2 stages. The 
short tenon cannot play a major role in resisting bending, and the bearing capacity of joint 
basically depends on the moment of resistance. 

(4) The test data-based regression is used, key inflection point parameters of the bearing 
curves of various joints are obtained, and the design and calculation methods of ultimate 
flexural capacity of grouted mortise-tenon joints under the action of compression and 
bending are proposed. 

(5) The applicability of the Japanese shear key calculation method for grouted mortise-tenon 
joint without axial force is verified through the four-point shear test. Meanwhile, the cal- 
culation method for contributions of axial force to the joint shear capacity is proposed. 
The shear capacity calculation formula of grouted mortise-tenon joint under the action of 
compression and bending is proposed by modifying the traditional Japanese algorithm. 


2.3 Research on static and dynamic mechanical behaviors of prefabricated structure 


The prefabricated underground structure under cut-and-cover conditions requires multiple 
transformations of structural systems during the construction. Besides, the mechanical proper- 
ties of stiffness-changing joints with the stress environment make the mechanical behaviors of 
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the structural system more complicated. Therefore, a lot of researches on mechanical behav- 
iors have been conducted for the whole process of construction and use to reveal the dynamic 
and development laws of structural stress, discover the impacts of joint on the mechanical 
behaviors of prefabricated structural system, and verify the theoretical research achievements 
through long-term in-situ tests during the actual construction of the station and after its 
completion. 

With actual calculation results of the prefabricated station structure of Changchun Metro as 
the example, the maximum top-bottom displacement difference of the prefabricated structure 
under the earthquake action is larger than that of the cast-in-place structure of the same type, 
with an increase of about 6.5%, but both of them has the same time-history curve rhythm for 
displacement difference. And, the overall ductility of the prefabricated structure has been 
improved. Based on the analysis and judgment of the research achievements, the structural 
deformation performances of prefabricated structure have been improved for better ductility of 
the structural system, it is harder to damage the prefabricated structure under earthquake condi- 
tions, and its seismic performances are better than those of the cast-in-place structure. 

The foundation trench backfilling on the lateral side of cut-and-cover foundation pit has 
a direct impact on the stability and bearing capacity of the prefabricated underground structure 
during the construction. The schemes for foundation trench backfill, backfilling sequence and 
backfilling height, etc. shall be determined through the calculations and analysis according to 
such factors as structural type, method of blocking and foundation pit support structure. For 
a single-arch large-span structure, provisions of horizontal supports for the arch foot is very 
important to control the deformation and bending moment of the vault structure. However, the 
arch earthing & backfilling and the eccentric loading are the key stages of the single-arch large- 
span structure, and it is necessary to conduct analysis based on all possible operating conditions 
to determine the most unfavorable operating conditions. 


2.4 Research on mechanical properties of closed-cavity thin-walled component 


After stressing, the force transmission path of closed-cavity thin-walled component is com- 
plex, and the structural parameters of each main part have a great impact on the mechanical 
properties of the component. Therefore, the shear lag effect and shear stress distribution laws 
as well as various structural parameters of closed-cavity thin-walled component are specially 
studied in details (Yang, 2020). 

The elementary beam theory assumes that the normal sectional stress caused by bending is 
linearly distributed along the box section. But according to the research findings, the closed- 
cavity thin-walled component has shear lag effect, and under the action of eccentric com- 
pression load, the normal stress of the flange is unevenly distributed in the cross-section, 
with large stress at the intersection with the rib plate and small stress in the middle, as shown 
in Figure 3(a). In addition, according to the research findings, the shear stress distribution of 
the closed-cavity thin-walled component under the action of shear force is significantly dif- 
ferent from that of the solid section. Its stress is mainly distributed on 3 rib plates, and the 
total stress distributed on 3 rib plates has reached about 85% (80%-90%) of the total stress of 
the closed-cavity thin-walled component. The shear-bearing ratio of the flange near the rib 
plate is about 15%. Shear stress distribution characteristics of the typical section are shown 
in Figure 3(b). The distribution characteristics and laws of shear force provide an important 
guidance for the design of closed-cavity thin-walled components. 


2.5 Research on grouting technology of mortise-tenon joint 


In order to facilitate quick installation during construction and avoid local concrete stress dam- 
ages of joints due to joint assembly construction errors, a certain width of gaps are reserved 
between the mortise-tenon joints, and are filled by grouting after assembly. For this, a type of 
joint grouting material of quartz powder-containing modified epoxy resin has been developed 
and such material can adapt to the engineering characteristics and climatic environmental 


1104 


Closed-Cavity Thin- Walled Component 


im i CE 


(a) Shear lag effect 3 (b) Shear stress distribution 


Figure 3. Stress characteristics of closed-cavity thin-walled components. 


characteristics in the prefabricated structure grouting link. Various material formulations that 
adapt to ambient temperature, single-joint grouting time and injectable properties of different 
concentrations of grout are formed, and the basic properties of modified epoxy resins have been 
mastered. 

A special joint grouting machine has been developed, as shown in Figure 4. The equipment 
follows the principle of two-component, post-mixing, and reverse circulation self-cleaning pro- 
cess for the first time to put an end to the usual pipeline blockage and avoid frequent equip- 
ment disassembly & cleaning while enabling large-capacity, high-pressure and high-precision 
grouting. 


Figure 4. Special grouting machine for the joints of prefabricated structure. 


2.6 Research on key structural waterproofing technology 


The prefabricated underground structure has multiple joints, which determine that the joint 
waterproofing is a key point. The waterproof performances of the joint rubber gasket are 
studied through the tests. 

According to the research findings, the single rubber gasket can withstand 1.0Mpa water 
pressure under the most unfavorable assembling position (joint opening for 10mm and 5mm 
displacement). Figure 5 shows the water pressure resistance curves of gaskets under different 
joint assembly conditions. For a single rubber gasket, the waterproof performance calculated 
as per the stress relaxation value of 65% is 0.65Mpa after 137 years, and is still higher than the 
groundwater pressure that the metro station bears actually (0.2Mpa in general). 


2.7 Research on precast component production technology 


A new tunnel kiln-type production line for the production of large-sized precast components 
has been developed. Such technologies as bottom mold turnover, side & end mold hanging 
and external mold support have been used to enable high-precision and high-efficiency pro- 
duction of large-sized precast components. 


1105 


misplacement Omm 
— misplacement Smm 
misplacement 10mm 
misplacement 15mm 
misplacement 20mm 


anti-hydraulic¢ pressure (bar) 


B 10 tl 12 1314 


opening (mm) 


Figure 5. Waterproof performance test curve of single gasket. 


The deformation characteristics of the large mold during the concrete placing have been 
studied based on the finite element analysis of steel mold structure, and the external strut 
deformation control method has been used to effectively control the lateral deformation of the 
mold, achieving the goal of producing high-high-precision large-sized precast components 
using flexible molds. 

Due to the large size of the component, it is difficult to determine the fabrication precision 
of large precast components by traditional manual measurement methods. For this, the smart 
scanning system for precast components (as shown in Figure 6) has been developed to deter- 
mine the flatness of component splicing surfaces through full automatic scanning, accurately 
find abnormal concave and convex points on the component surfaces, and automatically gen- 
erate test reports, effectively addressing the difficulty in high-precision and automatic testing 
of large precast components. 


Figure 6. Smart scanning system for precast components. 


2.8 Research on construction technology and auxiliary construction equipment development 


The technologies related to the prefabricated structure and onsite assembly have been system- 
atically studied, and various auxiliary special construction equipment have been developed to 
form multiple research achievements. 


(1) Two exact leveling methods for foundation pit bottom surface (namely accurate leveling strip 
method and base surface leveling method) have been studied and proposed to create condi- 
tions of high-precision assembly of foundation pits with different geological conditions. 

(2) The joint width and tension control methods of components have been studied, and the 
reasonable joint width indicators for guiding construction have been put forward. Special 
guide and locating pins have been developed to provide a strong support for rapid assem- 
bly and high-precision locating of precast components 
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(3) An assembly-assisting trolley for precast components (as shown in Figure 7) has been 
developed to enable full integration of multifunctional assembly, greatly facilitate the 
assembly and improve the stability and safety in construction. 


Figure 7. Auxiliary trolley for assembly operation. 


(4) An automatic control system for tensioning in assembly (as shown in Figure 8) has been 
developed to enable high-precision automatic prestressed tension control and quick assem- 
bly, and systematically solve the technological difficulties in assembly, e.g. coordinated 
control of multi-point tension of large precast components, determination of dynamic ten- 
sion load and accurate control of joint width. 


Figure 8. Intelligent assembly control system for prefabricated structure. 


2.9 Multi-discipline integration technology for prefabricated stations 


For the new prefabricated single-arch and large-span station structure, it is necessary to break 
through the traditional station building layout and integrate the building decoration and equip- 
ment system with the prefabricated structure. For this, integrated multi-discipline research has 
been conducted on the architectural space utilization of prefabricated station, modular layout, 
comprehensive equipment pipeline technology, simple decoration and acoustic environmental 
design, etc. 


(1) The modular layout scheme has been put forward and the standardization system of pre- 
fabricated station building layout has been established. 

(2) A breakthrough has been made in traditional station equipment pipeline layout mode to 
arrange the pipelines on the concourse level on both sides of the station and make the vaults 
exposed to make the pipeline layout more reasonable and easier for operation and mainten- 
ance while fully displaying the texture and good spatial layout of the prefabricated structure. 

(3) The embedded channels are systematically provided on the precast components to realize 
the equipment pipeline installation, station decoration and complete hanging of other 
facilities, and put an end to the structural damage caused by knotting on site. 

(4) For station decoration, the conventional design concept of “roof, floor and wall” has been 
abandoned, and simple decoration has been adopted to simplify the engineering 
decoration. 
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(5) The architectural space of the station has been subject to integrated processing based on 
the concept of “concealing and exposing to preserve the ontology space of the concrete 
structure to the greatest extent and show the rhythmic beauty of the precast concrete struc- 
ture, as shown in Figure 9. 

(6) The acoustic analysis has been conducted and targeted measures have been taken to ensure 
good sound field effect in the large prefabricated space and multi-acoustic source environment. 


Figure 9. Photo of prefabricated station hall floor. 


3 PROMOTION AND APPLICATION 


After being applied in Changchun Metro for the first time, the innovative prefabricated sta- 
tion structure construction technology was fully affirmed by the Owner and has been continu- 
ally applied in the following 17 stations, 6 ones of which have been opened to traffic and 
operated, and 13 ones have been structurally completed. Due to the outstanding advantages, 
the innovative technology is also favored by other city owners. Qingdao and Shenzhen Metros 
have started the construction of 12 prefabricated stations in succession in 2019. In general, 
there are currently 30 prefabricated stations built or under construction. 


p» -S Ba 
XINGLONGPU STATION: Modern Times XIHUANCHENG STATION: Space Cabin WEST LAKE STATION: Bold Moves Forward 


Figure 10. Photo of prefabricated station opened to traffic. 
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The prefabricated station structure construction technology has been successfully applied 
and verified in actual projects. No safety accidents occurred during construction. The stations 
are structurally safe and reliable after the operation, with good use effects and huge impacts 
on society. Among them, Xinglongbao Station of Changchun Metro has been rated as the top 
ten most beautiful stations in China. 
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ABSTRACT: Laminated geological formations are often encountered in different environ- 
ments of underground excavations. This type of rock structure located in underground openings 
is a key factor in controlling the safety around underground openings in competent rock such 
as hydropower plants and underground marble and limestone quarries. Their behavior is gov- 
erned by interbedding low tensile and shear strength which leads to separation and sliding 
respectively. When the rock layers are internally discontinuous, their behavior significantly 
diverges from that of a beam succession. In this research, the behavior of multilayered discon- 
tinuous roof in underground excavations is numerically investigated and compared to the 
behavior of single and multiple continuous layers as well as that of single discontinuous layer. 
A set of numerical analyses with the discrete element method are performed and quantification 
of the multilayering effect is produced for the unsupported discontinuous roof. Obviously, the 
control of stresses and displacements by active reinforcement or passive support of the roof is 
of great interest. A second set of numerical analyses for the quantification of the reinforcement 
effects of pre-tensioned rockbolting. The cases include up to five layers with ratio of layer thick- 
ness to span equal to 0.1 and for ratios of vertical discontinuity distance to span of the opening 
0.2, 0.1 and 0.05. Conclusions are drawn with respect to the degree of decrease of vertical dis- 
placements for all groups of vertical discontinuities, which interrupt the layers in correlation to 
the support method. For continuous layers it is observed that the reinforcement of the roof 
reduces the vertical displacements to a lesser extent. In conclusion, practical guidelines for the 
planning of an effective reinforcement scheme are produced, which, in combination to careful 
monitoring of the roof ensures the safety of underground works in laminated environment. 


1 INTRODUCTION 


Underground mines and caverns are commonly excavated in horizontally stratified rock. The 
structure of the roof rock has a considerable effect on the stability of the excavation and the 
choice of the support measures. Underground strata separate due to self-weight and deflect to 
the point of fracture, while at the same time the load is transferred to the supports of the roof, 
ie the abutments. 

The deformations of layered roof prior to collapse are greatly underestimated if fracturing and 
transition to a voussoir roof is not taken into account. When the roof is in a fractured post-elastic 
state, the mechanisms of failure change. They can be classified as buckling, crushing and slip. 

Several researchers have investigated multi-block buckling analytically (Sofianos, 1996, Die- 
derichs & Kaiser, 1997, Shabanimashcool & Li, 2015, Yiouta-Mitra & Sofianos, 2018a), experi- 
mentally (Talesnic et al., 2007, Zhang et al., 2012) and numerically (e.g. Nomikos et al., 2002, 
He & Zhang, 2015) for the case of a single layer roof. In this research, a numerical discrete 
element scheme is used to explore the effects of multiple multi-jointed layers in comparison to 
their continuous analogs and their response to reinforcement techniques. 
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2 NUMERICAL MODAL VALIDATION 


The study of the behavior of the stratified roof of an underground opening is carried out 
through numerical simulations with the numerical code UDEC 7.0. In order for the results of 
the numerical solution to be considered acceptable, the model is validated for the case of 
a single layer of limestone roof in gravitational field, comparing the results with the analytical 
solution for a fixed-end beam under its self-weight. 

Characteristic points of the beam are selected to calculate analytically (Yiouta-Mitra & 
Sofianos, 2009) stresses and displacements and compare them to the numerical ones. Indica- 
tive points are at the center (x/L = 0.0, y/t =-0.5) and at the left abutment (x/L =- 0.5, y/t=- 
0.5), where x is the co-ordinate for a system originating at the center of the beam, L and t are 
the beam length and thickness respectively. 

Stresses are divided by the elastic rock modulus, so that the results are independent and 
have general validity. The rectangular limestone beam was solved for three cases of different 
discretization, with element side size el = 0.1m, 0.08m and 0.01m. Indicatively, the difference 
of the vertical displacements for each size of the grid elements in relation to the analytical 
solution are presented in Table 1 and a diagram of the dimensionless vertical component of 
stress with respect to the entire beam height at section is depicted in Figure 1. 


Table 1. Comparative results of vertical displacement. 


Vertical displacements 


Numerical (mm) error % (dYanatytical"Ynumericat)/AY analytical 
Analytical 
(mm) el=0.1m el=0.01m el=0.08m el=0.1m el=0.01m el=0.08m 
0.302 0.297 0.301 0.298 1.7 0.5 1.4 


The finer grid gives a better approach in relation to the analytical solution. However, the 
computational cost of the program is high. Therefore, the size of the grid elements was chosen 
to be 0.08m in the areas of interest with acceptable loss of precision at about 1% for the dis- 
placements. It is also obvious from Figure 1 where the dimensionless vertical component of 
stress syy/E is depicted, that the 0.08m element yields satisfactory stress results. It should be 
noted that this stress component is selected because it is an indication of solution accuracy, 
since it is either assumed to be zero for a Bernoulli beam, or to have a different distribution 
for a Timoshenko beam under distributed load on the upper surface. 


Analytical 
——- el=0.01 


Figure 1. Results of dimensionless vertical component of stress o,y/E for the three cases of discretization 
and the analytical solution (Yiouta-Mitra & Sofianos, 2009) at section x/L = 0.0 and all values of y/t. 
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3 NUMERICAL ANALYSES 


Simulations are performed for the case of continuous and cracked (three groups of vertical discon- 
tinuities) stratified roofs, in limestone rock, shallow underground openings. Therefore the top 
boundary is free, while the side boundaries limit the horizontal displacements to simulate the far 
field. For a faster convergence of the model, fixed boundaries are applied at the bottom. Strong 
rock was considered so as to ensure that shear failure at the discontinuities would take precedence 
over the rock mass failure. The M-C failure criterion was prescribed for the discontinuities as well 
as the rock. The mechanical properties are summarized in Table 2. The bedding stiffness values 
are selected according to a wide range of bibliographic references (e.g. Bastola & Clugh, 2015) 
and the joint stiffness values are calculated according to Itasca (2022) for the specific numerical 
model parameters and the assumption of very stiff joints with no infilling material. 


Table 2. Mechanical properties of the rock and discontinuities. 


ky ks Density E 
c(MPa) ọ(deg.) (GPa/m) (GPa/m) (g/cm) G(GPa) K(GPa) (GPa) 


Rock 6.7 42 2.7 11.05 22.62 25:5 
Bedding 0.1 30 10 1 
Joints 0 30 3700 370 


Specific geometrical parameters were varied in the models. For the unsupported roof, the 
number of layers N was varied from 1 to 5 and the crack spacing M was varied from 0.5 to 
2m. For the supported roof, an optimized pattern of bolts was adopted and pre-tensioning of 
the bolts was selected based on theoretical analysis, so as to investigate the reinforcing action 
of the bolts in all cases. 

The span was 4 m and the layer thickness 0.4m. For each roof case, the stresses on the sup- 
port were measured, at a point near it and in the middle of the underground opening. In the 
case of a continuous layer roof, the analytical solution was used as a measure of comparison. 
In the case of cracked roofs, the principal stresses that developed within the vertical discon- 
tinuities were measured, as well as the crack opening. In addition, near the support, the stres- 
ses that developed along the height of the roof layers were measured and compared to the 
stresses of the respective continuous roofs. 

An indicative model and grid is displayed in Figure 2. It is the case of 3-layer cracked roof 
with crack frequency 2m” supported with four pre-tensioned bolts. 
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Figure 2. Sample model layout and grids. 

4 RESULTS 

The format of the figures for the internal stresses is based on dimensionless quantities so as 
to provide better overview of the phenomenon. The vertical axis is the dimensionless height 
i.e. divided by the thickness and the horizontal axis is the dimensionless stress, i.e. divided 


by the Modulus of Elasticity. Two systems are assumed, a global system following the entire 
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number of layers and a local system following each layer separately. In the following figures, 
the two systems have been combined on the global system. 


4.1 Continuous roof 


The analytical solution for a series of continuous beams is limited in that it cannot include the 
effect of the friction between the rock layers at the abutments as they deform due to self-weight. 
The numerical solution has provided a clear insight into the internal forces and their development 
in the roof with respect to an equivalent single layer made up of the sum of the assumed layers. 

The diagrams of the numerical solution calculations show the differentiation compared to 
the analytical 1-layer roof solution due to the real multi-layered roof conditions. Further, the 
boundary conditions at the abutments reflect the reality better since they are encased in 
deformable rock and not fixed. Finally, in the analytical 1-layer roof solution, a solid beam 
with a thickness equal to the total thickness of the layers is considered. 
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Figure 3. Indicative numerical results of stresses and displacements for continuous multi-layer roof. 


4.2 Jointed roof 


The behavior of multi-layered multi-jointed roof is evaluated by comparison to all previous results 
for the continuous layers, as well as to the well-documented case of a single layer multi-jointed roof. 

Figure 4 contains the most characteristic difference between the continuous and the multi- 
jointed structure of layered roof. It is the formation of the compressive arch that is the main 
cause for the greater stability that is related to the voussoir masonry technique for building 
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bridges. In all cases, the lower stratum is the one with the highest stresses and displacements, 
acting like a shield for the subsequent strata and keeping them confined. However, in case of 
lower stratum collapse, the rest of the strata will follow without delay unless the discontinuities 
are not persistence away from the excavation. Such structural differentiation would create rock 
bridges able to withstand imminent collapse of the overlying strata. In the following simulations 
maximum persistence has been assumed for the vertical joints, which is the worst case scenario. 

A remark of great interest for the jointed roof is the contact length at equilibrium after the 
maximum displacement has taken place. Since the load is too small to cause buckling failure 
according to the analytical solution and the diagram of Figure 7, the values calculated and 
depicted in Table 3 are not the limiting ones. This fact explains why the maximum displace- 
ments for the more jointed cases do not surpass those of less jointed ones. 


b) Multi-jointed layers 


Figure 4. Characteristic principal stresses distribution for continuous (a) and multi-jointed (b) layered 
roof (tension++red, compression<>brown). 


Table 3. Synopsis of calculations for all multi-jointed multi-layered roof models. 


Layers 1 2 3 4 5 


Joint Spacing 2 1 0.5 2 1 0.5 2 1 0.5 2 1 0.5 2 1 0.5 
(m) 


Contact length % 
abutment 22.5 22.5 22.55 20 20 20 25 25 25 25 27 35 30 32 45 
center 82.4 84.9 824 83 83 80 82 82 80 83 78 73 80 80 80 
oxx max [MPa] 
abutment 1.34 1.38 1.19 1.12 1.11 1.06 1.05 1.11 1.10 1.02 1.10 1.02 1.02 1.02 1.03 


center 1.99 2.01 1.34 1.83 1.65 1.45 1.86 1.56 1.44 1.93 1.58 1.27 1.62 1.54 1.34 


By comparing the stress distributions at the abutments, it is observed that o,, and oy, are 
reduced and tend to vanish while the axial stresses Oxx peak along the vertical cracks at differ- 
ent locations depending on the relative position of the crack with respect to the abutment. As 
the discontinuities frequency augments, the stresses abate. Indicative numerical results are 
depicted in Figure 5 on various sections of the roof. 


4.3 Reinforced roof 


The roof of the underground opening is reinforced with pre-tensioned bolts. The reinforce- 
ment aims at eliminating the separation of the lower layers by hindering the slipping between 
them. Thus, it forces individual continuous layers to function as a single solid roof. It is 
expected that the response of the cracked roof will be different from that of the continuous 
layers and the respective results constitute one of the contributions of this research. 

For each case of multi-layered roof, the tightening of the layers with maximum required pre- 
tention Pp, max = 141kPa is performed, on a 1x1m grid. The pre-tensioning force was calculated 
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Figure 5. Indicative results from 1, 2 and 4-layer vertically discontinuous roof stresses and crack open- 
ing results at various vertical sections. 


so as to prevent slip between the layers and was ideally simulated by applying a compressive 
force at the points of the bolt installation. The bolting pattern can be seen in Figure 6c and it 
was selected as the most effective 1x1 pattern according to Yiouta-Mitra et al. (2009). 


Table 4. Reinforcement effect for continuous roof layers. 


Roof Layers 2 3 4 5 


Sag decrease % 11 13 16 18 


For the continuous layered roof, this bolt pattern provided the expected reinforcement as can 
be seen in Table 4. For the case of the cracked roof however, it was observed that the bolts actu- 
ally worked towards the sliding mode of failure after a specific load limit, which occurred for the 
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3-layered roof and onwards. Figure 6 depicts the details of this finding. Figure 6 (a) and (e) con- 
tain the roof sagging enlarged 1000 times for an unsupported multi-jointed roof of 2 and 4 layers, 
while (b) and (f) for a supported one according to the pattern depicted in (c). The 4-layer roof has 
collapsed because the bolts have created a thicker roof layer that according to the analytical solu- 
tion will fail sliding on the abutments since a friction angle of more than 40° is required to resist. 


Figure 6. Vertical displacements of reinforced two-layer (a,b) and 4-layer (e,f) roof with the bolting pat- 
tern depicted in (c), 4-layer roof (g) with the same bolting pattern but with 80% over-pre-tensioning and 
4-layer roof (h) with bolting pattern (d). 


Tightening the bolts appears to provide some stability as can be seen in Figure 6 (g) but this 
over pre-tensioning is actually less effective than the solution provided by simply adapting the 
bolt pattern to (d) to accommodate the abutment shearing that develops. A better deform- 
ation and stress distribution is thus achieved, as can be seen in Figure 6 (h). 


sy 


Figure 7. Sliding failure for 3, 4 and S-layer multi-jointed roof according to the analytical solution 
(Yiouta-Mitra & Sofianos, 2018b). 


The effects of reinforcement are varying, depending on the geometrical parameters of every 
setup as well as the degree of proximity to the three modes of failure. A synopsis of the 
reinforcement effects with respect to the maximum stress at the abutment and the percentage 
of decrease with respect to stress before the reinforcement (see Table 3) is depicted in Table 5. 
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Table 5. Synopsis of reinforcement effect for multi-jointed layers. 


Layers 2 3 4 5 


Joint spacing (m) 2 1 0.5 2 1 0.5 2 1 0.5 2 1 0.5 
Abutment max stress [MPa] 0.67 0.76 0.67 0.65 0.80 0.71 0.60 0.82 0.74 0.51 0.71 0.74 
Decrease of unreinforced stress% 40 32 37 39 28 35 41 25 28 50 31 28 


5 CONCLUSIONS 


A parametric numerical analysis has been conducted with a view to investigate the response of 
multi-jointed layered media to the bolt reinforcement technique as compared to continuous 
layered media. 

The varying parameters were geometric, while mechanical properties of rock and joints have 
been maintained at representative values for hard rocks in low overburden, low stiffness of bed- 
ding planes and stiff vertical joints. The numerical models have yielded results that are in agree- 
ment with analytical solutions for the continuous and the cracked single layer roof and the 
continuous multi-layer ones. The numerical generalization to multiple multi-jointed layers has 
shown that the lowest cracked layer is of paramount importance to maintaining lower stresses 
and displacements to the upper layers. The response of the multiple stacked voussoir beams is 
different from that of the continuous ones in that the roof tends towards a sliding mode of fail- 
ure prior to failing to buckling or crushing. An adapted bolting pattern offers the best solution 
without need for extra reinforcement. 

It is concluded that the reinforcement of the roof gives a satisfactory degree to the decrease of 
vertical displacements and the maximum abutment stresses, for all groups of vertical discontinu- 
ities. Monitoring of the roof stresses and displacements is a good preventive measure for the 
case where change of the bolting pattern is required due to structural changes of the roof. 
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ABSTRACT: This tunnel was constructed under the archeological area of Iridanos River, 
Monastiraki Station, Attiko Metro. The presence of antiquities implies the requirement of 
minimizing surface settlements. For that reason a presupporting system of microtunnels is 
provided consisting of longitudinal horizontal steel tubes arranged outside the arch of the tem- 
porary lining. The most important scope of the design was to restrict surface settlements at 
the archeological area. The associated settlements have been carefully investigated using 
a nonlinear analysis method on a highly sophisticated 3-dimensional FE model, applied for 
the complete sequence of the steps of excavation and lining construction, insuring the better 
approximation to the actual performance of the structure. In the model are also introduced 
soil parameters resulting from the relevant soil borings and the previously executed excava- 
tions. A nonlinear elastoplastic analysis applied for the 3-D model of the system by the intro- 
duction of the Mohr—Coulomb failure criterion, for the soil 3D finite elements. Rockmass 
environment consists of: “black Athenian schist” with very low shear strength and deformabil- 
ity parameters. Application was successful and the limitation of settlements at the Iridanos 
River archaeological area, during the construction to acceptable serviceability, was achieved. 
The provisions of the study were verified to a large extent, with a deviation not exceeding 8%. 


1 INTRODUCTION 


The stream of the Iridanos river flows through Monastiraki area and had been covered with 
a brickwork tunnel since classical ancient times and now times water of river flows in this 
tunnel. This brick tunnel and the ruins at the surrounding archeological area had to be pro- 
tected during the metro tunnel construction. 

The scope of the design was the tunnel under the archeological area of Iridanos River, part 
of Monastiraki Station, Attiko Metro. The important problem was to restrict surface settle- 
ments at the archeological area and at the surrounding surface. The presence of antiquities 
implies the requirement of minimizing surface settlements. For that reason a presupporting 
system of microtunnels is provided consisting of longitudinal horizontal steel tubes arranged 
outside the arch and the temporary lining side walls. Steel tubes are initially installed in the 
total length of the tunnel in horizontal holes penetrated by an odex type drilling head, from 
the face in the temporary vertical shaft, aided by simultaneous pipe—jacking. Microtunnel 
tubes was filled with grouting and transversally connected with steel elements. 


2 DESCRIPTION OF THE PROJECT 

After the completion of the temporary lining of the ISAP Station underpassage at the part 
between the station wall and the archeological excavation, as well as the completion of the 
DOT: 10.1201/9781003348030-133 


1118 


temporary retaining structure and the excavation of the shaft between the archeological exca- 
vation and the extension of the existing building of the station, the work will proceed with the 
excavation of the tunnel and the part of the passage under the antiquities. 


weas bAtaur 


Figures 3,4. Iridanos archeological area. 


Figures 5,6. Iridanos ancient brick tunnel, under the new tunnel was constructed. 


The presence of the antiquities implies the requirement of minimizing the surface settle- 
ments. For that reason, a presupporting system of microtunnels is provided consisting of lon- 
gitudinal horizontal steel tubes arranged outside the arch and the side walls of the temporary 
lining. The steel tubes are initially installed in the total length of the tunnel in horizontal holes 
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penetrated by an odex type drilling head from the face in the temporary vertical shaft, aided 
by simultaneous pipe - jacking. 

The geometrical data are: Tunnel length 24 m, tunnel diameter 5.00m, depth from the 
ground surface to the tunnel top 12 m. The microtunnelling umbrella contains 35 longitudinal 
steel pipes of 0.406m diameter, along the periphery. 

Tubes are transversally connected by means of a continuous interlocking system consisting 
of steel railing welded on their outer surface. Immediately after the microtannel penetration 
and tubes location, the tubes and the surrounding voids are filled with grouting. 
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Figures 7,8. Tunnel plan view — Cross section. 


Figures 9,10. Longitudinal section - Typical cross section. 


In the Monastiraki area the rockmass environment consists of: “black Athenian schist” 
with very low shear strength and deformability parameters. In the area there are also under- 
ground water is making worse conditions. Soil data were verified to a large extent during the 
tunnel excavation. A serious problem for the tunnel construction was also the underground 
water, due to Iridanos River water that flows outside the ancient brick tunnel. 

An extended monitoring network follow up closely the magnitude of the settlements during 
the construction period, in order to control settlements under exceeded limits. In case settle- 
ments was overtaken additional measures was proposed to take in to account. 
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Table 1. Geotechnical parameters. 


Layer Depth Y 
(m) KN/m* 


REMARCS 
1 For short term loading with limited drainage E El 
2 For deloading and reloading : E° = 3E 
3. v=0,35 ko=v/ l-v 0.55 
3 ANALYSIS 


For the analysis of the temporary lining a space finite element model is used, that applied for 
the complete sequence of the steps of excavation and lining construction, insuring the better 
available approximation to the actual performance of the structure. 

The model contains solid 3D finite elements simulating the soil, surface finite elements rep- 
resenting the shotcrete lining and the vertical piles of the temporary retaining structure of the 
archeological excavation, and linear F.E representing the microtunnels and the transversal 
connections. The model contains also spring elements that connects microtunnels and soil. 

In the model are introduced soil parameters resulting from the relevant soil borings and the 
previously executed excavations at the area of the Station, already confirmed by the Geotech- 
nical Report. For the computation of construction phases linear and nonlinear analysis were 
performed. The computation is carried out by means of the “SOFISTIK” program. 


ad 


Figure 11. Finite elements discretization for the spatial domain. 


Figures 12,13. Temporary lining finite elements — microtuunels finite elements. 
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Figure 14. Construction stages — space calculation steps. 
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Figure 15. Maximum deformation. 


From the space model analysis it is concluded that the maximum expected surface settle- 
ment will be in the order of 9.50 mm. 


4 CONSTRUCTION PROVISIONS 


After the completion of the temporary lining of the ISAP Station underpassage at the part 
between the station wall and the archeological excavation, as well as the completion of the 
temporary retaining structure and the excavation of the shaft between the archeological exca- 
vation and the extension of the existing building of the station, the work will proceed with the 
excavation of the tunnel and the part of the passage under the antiquities. 
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Figures 16, 17. Structure deformation - L.C. 6, 14. 
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Figure 18. Bending moments L.C. 3,4,9,14. 


Atercenents In Ciemente In en2/m, Oeatgn Cove 1 (Mone?) JI 


Figure 19. Temporary lining reinforcement. 
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The excavation and the construction of the temporary lining will be executed in two stages. 
Stage (A) contains the excavation of the heading and Stage (B) the excavation of the bench. 
Each stage will be proceed with steps of 2.00 m length. 

Every two steps of excavation stage (A) fiberglass anchor bolts are installed at the excava- 
tion face as shown in the relative drawings. 

The detailed description of each excavation stage, after microtunnel location and fill with 
concrete, are shown in Figure 14. 

A detailed monitoring network was installed closely the magnitude of the settlements 


during the construction period, in order to use additional contingency measures in case of 
settlements foreseen exceeded. 
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Figure 20. Construction stages (A) and (B). 


After tunnel excavation, permanent structure was constructed. For the analysis of this part 
also a 3_D finite element model used, with soil cube elements, as continuous stage at previ- 
ously soil parameters and deformation, that arises from temporary structure analysis. 


Figure 21. Tunnel permanent structure space model. 
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Figure 22. Tunnel permanent structure. 


5 CONCLUSIONS 


The presence of antiquities implies the requirement of minimizing surface settlements and for 
that reason a presupporting system of microtunnels consisting of longitudinal horizontal steel 
tubes arranged outside the arch of the temporary lining, was provided. In order to have an 
height accuracy in project design, a 3-D model used for calculations. 

From the numerical results and the construction measurements becomes conclusion that 
the study with use of 3-D model analysis, were verified to a very large extent. 

The behaviour of microtunnel was able to receive the total soil pressure with high degree of 
safety, in soil environment with low characteristic constants. This behaviour was estimate 
with accuracy using 3-D finite elements model. 

The use of microtunnels restricts tunnels temporary lining deformation, that ensure the per- 
manent structure required thickness as designed. 

Application was successful and the limiting of settlements at the Iridanos River archaeo- 
logical area during the construction to acceptable serviceability, was achieved. The provisions 
of the study were verified to a large extent, with a deviation not exceeding 8%. 
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ABSTRACT: In this analysis study, based on the recognition that the primary volume loss in 
the construction of the shield tunnel is caused by the tail void gap between the segment lining 
and the ground skin, the tail void gap is modeled as an interface element to analyze the effect 
of segment lining by stiffness values and spacing ‘e’ of the interface. These results were evalu- 
ated by the member force analysis of a lining and the Convergence Confinement method. If the 
larger the gap between the tail void interface between the segment lining and the ground and 
the lower the stiffness value, even if the gap grouting process and the installation of the segment 
are performed simultaneously, the support stiffness of the actual segment lining is expressed 
afterward the stiffness combination of the segment lining and the interface. In conclusion, this 
analysis is required to control the load on the lining. 


1 INTRODUCTION 


The analysis of the interrelationship between the ground and lining according to the tunnel 
design method is important for tunnel design. Conventional excavation methods and shield tun- 
neling (TBM) methods are well established. In particular, TBM tunneling methods under com- 
plex ground conditions require an improved numerical analysis of segment lining due to the 
influence of the interface behavior as gap (tail void) parameters between the ground and the 
lining (Ziegler and Oh, 2014; Vu, Broere and Bosch, 2016; Le et al., 2019; Vonk, 2020; Ding 
et al., 2021). The technique of shield tunneling is characterized by active support, and the stress 
behavior accepted by the segment must be interpreted through the grouting process for the gap 
(tail void) between the excavation ground skin and the segment lining (Oh and Ziegler, 2014). 

In TBM tunneling, an annular cavity exists between the lining and the surrounding soil after 
the lining segment is installed as one of the volume losses due to ground subsidence. In general, 
grouting is performed immediately on the tailgating gap at the same time as excavation, but the 
surrounding soil may be pressed into the gap depending on the stiffness of the grouting material 
(Vu, Broere and Bosch, 2016; Ding et al., 2021). In general, tail void for annular grouting is 
usually the preferred method for controlling surface settlement. Therefore, it is necessary to 
analyze whether segment behavior due to increased or decreased stiffness of the grouting vari- 
able affects the radial displacement into the tunnel according to the physical properties of 
ground. As the factors influencing the load of the lining, the thickness (spacing) of the annulus 
grouting (backfilling) is not known a priori but depends on the intensity squeezing by the 
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deformation of the profile between the tunnel excavation skin and the segment (Ramoni and 
Anagnostou, 2010). 

The radial stress of the soil towards the tail void causes the ground to push into the tail 
void and collapse. To overcome this problem, when the gap of tail void is completely filled 
with grouting, grouting particles can support the role instead. (Vonk, 2020) Initially after 
grouting, the action of the ground load around the lower half of the liner is promoted and no 
excessive pressure is accumulated. In other words, the expansion of tail void gap due to grout- 
ing does not compensate for surface settlement has been observed (Teachavorasinskun, 2018). 
Therefore, many material studies are being conducted on the stiffness and strength of the 
behavior of the grouting material to be filled in the tail void cavity (Peila, Borio and Pelizza, 
2011). This is inevitable for the ground to settle by the tail void that occurs during TBM tun- 
neling operation, but if it is well controlled, the stress effect on the load transmission capabil- 
ity of the lining (segment) can be investigated. 

In this numerical analysis by two-dimensional, tail void grouting was simulated as an inter- 
face model between ground skin and segment lining after tunnel excavation and the main pur- 
pose is to analyze the behavior of segment lining according to interface rigidity. The finite 
element code of DISROC (Fracsima, 2016), which included interface element of Bandis Elas- 
tic non-linear whose stiffness value changes according to the gap ‘e’, the effect of the interface 
gap interval was simulated to observe the behavior of the segment lining. 

In this paper, we conducted parameter studies of the interface model according to the stage 
of excavation ground load ratio under the rock conditions of Grade 3 or Grade 4 isotropic 
ground. As a result analysis, the member force (axial force, radial displacement) analysis of 
the segment lining carried out and, the behavior of the interface model for tail void grouting 
by the Convergence Confirmation Method is described. 


2 NUMERICAL ANALYSIS METHOD 


2.1 Geometry structure and material parameters 


In this analysis study, segments are first bulk modeled in real size on geometry and then, the 
lining beam model in Figure 1 a)-A was installed in the middle between the bulk segments. This 
is to analyze the beam behavior while modeling the lining as a bulk model. The physical proper- 
ties of the lining beam model are derived from the lining segment physical properties, but the 
scale is calculated to be 1/1000 (Table 1). 


a) 


cont o 


Figure 1. a) A: Phantom beam element, B: Interface joint between each segment longitudinal, C: Inter- 
face between ground and lining b) Geometry of bulk segment and interface models in two-dimensional 
modeling by GID. c) Segment lining and tail void illustration. 


In Figurel a)-B, joints between segments were also simulated together, but if the stiffness of 
joints between segments is quite large under isotropic conditions, the joint effect is little 
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different from that of a continuum model, so no analysis of joint is mentioned here. In add- 
ition, the parameters of the interface element that simulates between the lining and the ground 
due to the difference between the diameter of the shield tunnel excavation and the segment 
can also be found in Table 1. 

As sensitivity studies case, numerical analysis was performed on the changes in two different 
ground grades (3g, 4g) modeled by Elasto-plastic with Mohr-Coulomb criterion and four dif- 
ferent interface stiffness values and the differences in two different interface spacing (e=0.1m 
or 0.01m). 


Table 1. Applied proprieties parameters for ground, lining and interface gap in the study. 


Unit Weight Elastic Modulus Poisson’s Cohesion Friction 
Classification (kN/m3) (MPa) ratio (kPa) Angle (°) 
Rock G3 24.7 8,000 0.24 700 38 
(Mohr C) G4 23.2 1,500 0.27 200 27 
Segment bulk 20 30,000 0.2 Thickness (m) 

0.5 

Segment lining ES (Young’s modulus *section) EI (Moment of inertia) 

15000 312 
Annular grouting G-L k; kno Thickness G-L el (m) e2 (m) 
(nonlinear E) (kPa/m) (kPa/m) 
Case N3 1E+7 2E+7 0.1 0.01 
Case N4 1E+6 2E+6 0.1 0.01 
Case N5 1E+5 2E+5 0.1 0.01 
Case N6 1E+4 2E+4 0.1 0.01 


2.2 Tunnel excavation loading by load ratio (initial condition) 


Under the plane strain condition of the two-dimensional analysis, it should be noted that simu- 
lating tunnel excavation under 3D stress condition as a 2D plane deformation problem has the 
implication of simultaneously excavating the entire section of the tunnel rather than gradual 
excavation. For example, all ground displacements occur immediately after excavation, but in 
actual tunnel excavation, less than the total displacement occurs immediately after excavation 
due to the arching effect and the displacement converges approximately four times the diameter 
of the tunnel. Therefore, when analyzing a tunnel in two dimensions, it should be assumed that 
the excavation force is not applied to the excavation surface at once, and only a part of the 
load is applied depending on the degree of occurrence of the tunnel radial displacement. 

In order to consider this analysis, load ratio is divided into stages based on the tunnel dis- 
placement according to the stage of excavation during the two-dimensional analysis, and the 
corresponding displacement is expressed as the ratio to the final displacement. The tunnel exca- 
vation load ratios performed are shown in Table 2 below. 


Table 2. Load ratio step of tunnel excavation force for segment installation. 


Load ratio a 0.1 0.2 0.3 0.4 0.5 0.6 0.7 0.8 0.9 
Excavation Convergence of a*100% internal displacement 
Support (1-a)*100% % support for remaining load displacement convergence 


In particular, in shield tunneling, the tail void grouting and segment lining must support the 
large load due to the quick segment installation instead of less internal displacement than the 
conventional tunnel method. Theoretically, at the total load Po, stress release occurs as much as 
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P;=(1-a)Po before the installation of the support, and the remaining stress aPp to be supported 
by the lining is released. If this load ratio is analyzed using Convergence Confinement Method, 
the adequacy of support stiffness, stability factor, and optimal support installation time can be 
determined (Figure 2). 

Many researchers have studied the interaction between excavation ground and support in 
tunnel design. These studies have been interpreted based on the well-known and widely used 
CCM. CCM is a two dimensional simplified approach that can be used to simulate three- 
dimensional problems as the rock-support interaction in tunnels. (Sulem, Panet and Guenot, 
1987; Vlachopoulos and Diederichs, 2009; Paraskevopoulou and Diederichs, 2018; De La 
Fuente et al., 2019). 

GRC: Ground Reaction Curve. It is a characteristic line that records the decrease of an appar- 
ent internal support pressure. The GRC depends on the rock mass behavior. It is assumed to be 
linear for an elastic material but it varies if the material is elasto-plastic or visco-elastic etc. SCC: 
Support Characteristic Curve (Lining). The internal pressure Pi acts radial on the tunnel profile 
(from the inside) and represents the support resistance (SCC) needed to hinder any further dis- 
placement at that specific location. The ground reaction curve shows an increase in the internal 
displacement when the internal pressure pi of the tunnel is decreased from the acupressure Po 
of the original ground. In addition, the support member characteristic curve (SCC) shows an 
increase in the support pressure P, acting on the support member as the internal displacement 
of the tunnel increases. The point where SCC and GRC meet is the stress equilibrium conver- 
gence point. (Figure 2) 
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Figure 2. Ground reaction- support characteristic curve by convergence confinement method according 
to load ratio. 


2.3 Annular grouting (tail void) interface model 


In general, the difference between the rigidity of the structure and the rigidity of the ground is 
100 to 10000 times, so if the strength is exceeded at the connection between the ground and the 
lining, relative displacement may occur. And since the boundary between the ground and the 
segment lining is in fact negligible in thickness, an interface model is used as a ground element 
with zero thickness to consider this. Thus, ground and segment linings were simulated with bulk 
volume models, but between them were modeled with interface elements simulating the grouting 
of tail void. 

To do a modeling of annular grouting was applied the nonlinear elastic Bandis model for 
interface between ground and lining (Fracsima, 2016) Because, Nonlinear Bandis model is able 
to take into account the gap to this interface by actually modeling a physical distance “e” of the 
interface between the liner and the ground. 
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Figure 3. Bandis nonlinear hyperbolic elastic model applied to the interface element. 


Looking at Figure 3, this simulates that the stiffness of the interface increases as the gap 
decreases due to the gradual closure at the initial interval e, taking into account the closure 
displacement of the gap between the ground and the liner and, the radial displacement of the 
ground cannot go over the liner. (Eq 1) 

The following Equation 1 shows the interface stiffness in which the interface stiffness changes 
non-linearly according to a given interval ‘e’. 

In general, when several supports are installed at the same time, the stiffness of the support 
members resisting the ground load is combined in a parallel connection form to increase the 
support stiffness of the entire support. 
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In this study, although segment lining and tail void grouting are performed simultaneously, 
the contact with the ground is first interface grouting and then segment lining. Therefore, the 
convergence of the process of supporting the ground load is performed in a series manner, 
that is, the sum of the respective internal displacements. (Eq. 2) 
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3 ANALYSIS OF RESULTS 


3.1 Segment member force analysis (rock: 3G, 4G) 


For the analysis of lining support, the evaluation of member force that means the axial force, 
moment, and radial displacement would be required. 

In the case of an isotropic load, the difference according to the presence or absence of 
a segment joint is not important, and the uniform convergence phenomenon is noticeable in the 
center of the tunnel, so the moment value is close to zero. Thus, the results of the axial force 
and radial displacement of the lining through the parameter study case of the interface between 
the lining and the ground are presented according to the load ratio distribution conditions. 

In Figure 4-a) c), the axial forces at the crown (maximum) point of the 3G, 4G ground tunnels 
are represented according to the interface conditions. The horizontal axis represents the load 
ratio distribution condition stage. It can be found that the larger the load distribution condition 
V value (load ratiol—load ratio9), the less axial force of the lining supports because the internal 
displacement has already been enough arrived to convergence before the lining is installed. In 
addition, the results of these graphs show different results depending on the interface conditions 
(Case N3 to N4 and gap el, e2 in Table 1). In the interface relatively large stiffness values of 
Case N3 and Case 4, there is little difference in the result value whether the given interface gap 
(el>e2) is large or small. However, from the stiffness value Case N5, the axial force received by 
the lining varies depending on the value of the given interface gap ‘e’. In other words, the larger 
e-gap, the less axial force the lining supports even under the same ground, load ratio and inter- 
face conditions. 

This phenomenon shows a more pronounced result as the load due to the load ratio (ex: 
a=0.1) increases. So it can be said that the faster a lining is installed, the greater the effect of 
tail void conditions on the lining. In Figure 4, b) and d) are also the tunnel maximum radial 
displacement results under the same conditions. 


a) b) 


c) 


Figure 4. Analysis of lining member force according to interface properties from Case N3 to Case N6 
with el=0.1m, e2=0.01m of interface gap ‘e’ in G3 a), b) and G4 c), d) rock conditions. 
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3.2 Convergence confinement method analysis (rock: 4G) 


As shown in Figure 4 results, the lining member force behavior in the ground 4G class is 
noticeable depending on the interface conditions. Therefore, in this chapter, numerical results 
were interpreted through the Convergence Confirmation Method (GRC-SCC) for the results 
of the ground class G4 (rock) and the interface stiffness cases N5 and N6 conditions. 

Looking at the GRC-SCC graph in Figure 5, it is found that the interface (blue line) corres- 
ponding to the tail void grating affected by the segment rigidity has nonlinear behavior. This 
means that the nonlinear behavior of the interface Case N5, it is more dominant than the 
linear behavior of the segment. As a result, segments taken the same convergence stress of 
interface support smaller loads than without an interface and perform linear behavior (green 
lines) with the elastic rigidity they have. 
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Figure 5. Based on ground 4G and interface Case N5 conditions, ground reaction-support characteris- 
tic curve by convergence confinement method according to load ratio=0.1. 


If the interface stiffness was sufficiently large, the two result lines would have been superim- 
posed as the same displacement behavior and linear behavior. As the stiffness of the interface 
decreases, the two result lines show a difference in results. The larger the difference in the result- 
ing behavior of these two elements (the interface of the tailvoid and the bulk segment lining), 
the smaller the convergence force supporting the ground load would be and the displacement of 
the interface increase. As a result, segments of the same support load, such as the convergent 
support load of the interface, will be able to support the reduced load than expected. 

If the segment stiffness line (green) is moved to the interface behavior line of the tail void 
grouting (green arrow line), the displacement value of the interface can be determined by the dis- 
placement of the segment from the entire internal displacement. The difference between these 
two displacements does not exceed the preset gap ‘e’. Therefore, if the behavior of tail void (bleu 
line) is shown to have the same stiffness slope as the segment lining past the nonlinearity, this can 
be interpreted as full contact between the two elements. it means that if excess support is received, 
it may mean that the two elements are in perfect-contact and behave the same together, and fur- 
thermore, that the behavior of the interface would exceed the yield criterion. 

Figure 6(a) illustrates the comparison of the results due to the gap between the lining and 
the ground ‘e’ in the interface N5 case, i.e., when all the ground conditions are the same. 

The behavior of tail void grouting (blue line, blue dotted line) converge faster when the nar- 
rower gap ‘e’ to support these large loads. And it also shows that the tangential slope (red 
arrow dotted line) at the equilibrium convergence support force is becoming more similar to 
the segment lining stiffness slope value than when the gap is wide. 

Figure 6(b) presents that the slope (Case N6, red arrow dotted line) at the final convergence 
support equilibrium point is the same as the segment lining stiffness gradient (blue arrow dotted 
line) when the interface gap ‘e’ is the same but the stiffness value (Case N6) of the interface is 


1135 


a) b) 


P (KN/m) Case NS P (KN/m) Case N5 Vs CaseN6 (e=0.01m) 


——Ground N5 
Tail 


~~~ Ground Né 


it Grouting N6 


Figure 6. Comparative GRC-SCC analysis of a) different gap ʻe’ under interface Case N5 condition 
and analysis of b) different interface condition N5, N6. (4G, load ratio=0.1). 


small in other cases. Here, in other words, rather than interpreting that the interface supports 
the ground, it can be interpreted that segment lining has begun to fully support the ground. 


4 CONCLUSION WITH PERSPECTIVE 


According to this study, the behavior of the tail void between the skin of the excavated ground 
and the segment lining was simulated as an interface element, and the behavior of the segment 
lining due to this interface was analyzed. 

If the ground skin and segment lining are attached well and the grouting interface stiffness 
between them is large, the segment lining should support the load immediately after installation. 

However, in case of that there are a gap due to void ‘e’ and insufficient stiffness of the grout- 
ing material, the internal displacement occurs more in the given void, but the equilibrium sup- 
port pressure where the Ground Reaction Curve meets the Support Characteristic Curve will 
decrease. The tail void grouting process and segment lining installation timing are the same 
right after the initial displacement occurs on the ground, but in fact, the combination method 
of the support system supporting the ground load is considered to be sequentially serialized. It 
does not mean that each support system is installed separately, but at the same time, it affects 
the overall stiffness change. Furthermore, the stiffness of the overall support would eventually 
represent as support of the lining with the greatest stiffness considering that a system with rela- 
tively small support force is considered to have reached the yield first. Therefore, especially as 
soon as it is excavated, it is necessary to analyze it according to various conditions between the 
ground and the lining in order to control the load on the lining. 
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ABSTRACT: TBMs are widely utilized for infrastructure projects and they should be selected 
and operated according to the geological conditions to reach favorable excavation rates. There- 
fore, understanding the geological changes during excavation is very important. With the aim of 
identification of the geological conditions, three kilometers of vibration data are collected during 
excavation in adjacent twin tube tunnels from two EPB TBMs. The data is analyzed, compared 
with geological conditions, geomechanical rock properties, and TBM operational parameters. 
Laboratory rock cutting tests using a full scale linear rock cutting machine equipped with acceler- 
ometers are also performed on the rock samples taken from the same project site. It is seen that 
the geological condition is the major factor on the vibration characteristics on the most cases and 
there are relations between the geomechanical properties of rocks and the vibration patterns. 
Similarly, during the laboratory cutting tests, it is seen that acceleration amplitudes change in 
relation to the rock type, rock properties, and cutting parameters. 


1 INTRODUCTION 


Geological variations and ground conditions could affect greatly the performance of a TBM. 
Most of the contractors rely on the geological data provided to them during the tendering 
stage or start the projects by performing additional geological surveys. During the excavation 
of tunnels, the best way to understand geological conditions is to check excavation face. How- 
ever, as TBMs usually excavate continuously, most of contractors are reluctant to stop exca- 
vation for face inspections unless it’s deemed necessary, or forced by the contract. Another 
tool for understanding geological conditions ahead is probe drilling, which is generally not 
applied for the previously mentioned reasons, which leaves monitoring muck and TBM oper- 
ational data as the only options that can be interpreted inaccurately. 

Excavation operation generates vibration due to the rock cutting process, and these vibrations 
could help to understand geological conditions in front of the TBM without face inspections. 
There are several researches made to understand forces and vibrations generated during rock cut- 
ting. One of them was made by Samuel & Seow (1984). Strain gauges installed to the discs’ shafts 
of a 4.1 m diameter TBM and force components acting on a disc cutter were investigated. Another 
detailed research on this area was performed by Gertsch (1993) and frequency analyses were per- 
formed on the forces caused by 17” constant cross section (CCS) disc cutter during the experi- 
ments with a full-scale linear cutting machine (FLCM). These researches were performed using 
strain-gauges instead of accelerometers to understand vibrations, which is different from the stud- 
ies performed later on in this area. Huo et al. (2015) developed a dynamic multi-degree-of-freedom 
model for disc cutters for providing a better understanding of vibration characteristics and load 
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transmission of the cutters. Yang et al. (2020) performed laboratory tests using a Multi-Mode 
Boring Test System and investigated vibration characteristics of the cutterhead in soft-hard mixed 
strata. TBM manufacturers are also interested in measuring forces acting on cutters for cutter 
monitoring purposes and some of them include accelerometers on the monitoring systems. How- 
ever, as the TBMs are operated in a very dynamic and harsh environment, extensive filtering and 
large amounts of data are required to obtain a meaningful data set (Shanahan 2010). Another 
study utilizing the accelerometers installed onto the cutterhead was published by Wu et al. (2021) 
and the vibration data of a dual mode TBM was monitored. Some studies were performed by 
locating accelerometers behind the cutterhead, which was considered as a more practical approach. 
A boulder detection system was developed utilizing accelerometers and the system was installed to 
an EPB TBM (Walter et al. 2012; Walter 2013 and Mooney et al. 2014). Buckley (2015) continued 
to analyze data and improved this system and the enhanced system was again installed to an EPB 
TBM. It was found that the system helped to identify boulders in soil; moreover, cutterhead rota- 
tional speed and earth pressure, respectively, had the two highest influences on TBM vibration 
apart from the geology. Recently Liu et al. (2022) also used accelerometers installed on the back 
of the pressure bulkhead of an EPB TBM with the aim of ground identification. 

Different from the other studies, TBM vibrations are recorded continuously for very long 
stretches, 6 km in total, on different EPB TBMs for this study and the previous studies of the 
authors (Ates et al. 2019, 2022). In addition, a full-scale linear rock cutting machine equipped 
with accelerometers is utilized to better understand vibrations that occur during the rock cut- 
ting process in a controlled environment and full-scale linear cutting tests are performed on 
four different rock samples. 


2 METHODOLOGY 


2.1 Vibration recording equipment 


Various types of triaxial analog accelerometers and analog to digital converters are used 
throughout the study for measuring/recording the vibrations. The specifications of the acceler- 
ometers are listed on the Table 1. For digitizing, USB-6009 and NI 9230 BNC analog-digital 
convertors from National Instruments are used. 


Table 1. Specifications of the accelerometers used during project. 


Manufacturer Analog Devices Analog Devices PCB Electronics 


Model ADXL354BZ ADXL356CZ 356A17 
Type MEMS MEMS Piezoelectric 
Sensitivity (mV/g) 200 20 500 
Measurement Range (+g) 4 40 10 
Frequency Range (Hz) 0-1500 0-1500 0.5-3000 
Internal Analog LP Filter (Hz) 1500 1500 N/A 


2.2 Data recording and data analysis software 


A custom-purpose data recording software is written and used for recording continuously the 
vibration data. Analysis of the recorded data is performed in Matlab by using scripts written 
for the project. 

Vibration data is collected in the time domain; however, sometimes it is advantageous to 
transform the data into a frequency domain for understanding the frequency components of 
the signals. During the analyses, it is seen that TBM vibrations are broadband signals and due 
to the contributing factors, it is difficult to get any meaningful interpretations in the frequency 
domain. Thus, this paper mainly focuses on time-domain analyses. 
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2.3 Full-scale linear cutting test 


The cutting tests are carried out by using a full-scale linear cutting machine (FLCM) at 
Istanbul Technical University, Mining Engineering Department’s laboratory. The FLCM 
features a large stiff reaction frame on which the cutter and load cell assembly are 
mounted. A block sample up to 0.6x0.8x1.0 m in size is cast within a sample box with 
concrete. A hydraulic cylinder moves the sample within the box through the cutter at 
a preset penetration, width of spacing, and a constant velocity. A triaxial load cell 
located between the cutter and the frame measures the orthogonal forces acting on the 
tool. After each cut, the cut length is measured; the cut materials are collected, weighed, 
and sieved. Then, the rock box is moved sideways by the desired spacing to duplicate 
the action of the multiple cutters on the cutterhead of a mechanical miner and the 
experiment is repeated (Bilgin et al. 2013). 

For recording the vibrations generated during rock cutting, tests performed in single-spiral 
cutting pattern and the FLCM is equipped with 5 accelerometers. It should be noted that the 
experiment was started with 4 accelerometers at the beginning; however, due to the unexpect- 
edly high acceleration values, following the first tests (Kurtkoy Formation/Siltstone, spacing of 
70 mm), accelerometer placement was changed and a 5" accelerometer with a measurement 
range of 40g was added to the system. The accelerometer placement and the directions of their 
axes on the FLCM is shown in Figure 1. Spacing and penetration configurations are given in 
Table 2. 


a 
zS 
LZ 


i \ RAJ 
#2 PCB Electronics 356A17 (10g) 


ARRS Analog Devices ADXL 354BZ (42) 
a 
n 


{ , #5 Analog Devices ADXL 356CZ (40g) 


Figure 1. Accelerometer locations on FLCM. 


Table 2. Rock cutting configuration (experimental matrix). 


; ; Marble (Easy Marble (Difficult 
Formation Siltstone Mudstone Cuttability) Cuttability) 
Line Spacing (s) (mm) Penetration (d) (mm) 
70 5 5 - - 
7 7 - - 
4 4 4 4 
6 6 6 6 
85 8 8 8 z 
2 10 - : 
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3 PROJECT INFORMATION 
Umraniye-Atasehir-Goztepe Metro Line is a 10.4 km line that is constructed by four EPB TBMs 


with diameters of 6.56 m. The accelerometers are installed to the two TBMs (TBM 1 and TBM 2) 
excavating Northwards direction. Specifications of TBMs are summarized in Table 3. 


Table 3. Specifications of the TBM 1 (Terratec S67) and TBM 2 (Terratec S68). 


Excavation diameter 6.56 m 

Number, diameter and type of disc cutters #47 - 17” CCS type 
Torque capacity 5459 kNm (@1.68 RPM) 
Cutterhead power (motor type) 6 x 160 = 960 kW (VFD) 
Thrust capacity 40000 kN 


Piezoelectric accelerometers from PCB Electronics with model number 356A17 are used on 
TBM 1, while MEMS type accelerometers ADXL354BZ from Analog Devices are used on 
TBM 2. The locations of the accelerometers, which are very similar on both TBMs, as well as 
the directions of axes used during analyses, can be seen in Figure 2. 
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Figure 2. Approximate accelerometer placement on TBM 1 and TBM 2. 


4 GEOLOGICAL AND GEOTECHNICAL PARAMETERS OF THE ROCKS 


4.1 Geological conditions at the site application 


Pelitli and Pendik Formations are present in the area of interest, in addition to some dykes 
and crushed zones. Pelitli Formation is composed of claystone and sandy-limestone with 
slight to medium weathering (w1-2). There are also andesite and diabase dykes, which are gen- 
erally crushed (w4-5). In the sections where Pendik Formation exists, the tunnel alignment is 
composed of claystone, siltstone-claystone, and claystone-limestone units. However, this sec- 
tion also has fresh dykes (w1-2) with very high uniaxial compressive strength up to 210 MPa 
(Geodata Engineering S.p.A. 2016, Yuksel Proje 2017). 

During excavation, rock samples are taken from the belt conveyor and laboratory analyses 
of the samples for the andesite dykes are performed (Palakci and Ugur 2021). The physical- 
mechanical and mass properties of the lithological units encountered in the excavated section 
are summarized in Table 4. The geological profile of the alignment where vibration data is 
recorded can be seen in Figure 3. 
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Table 4. Rock properties of Umraniye-Atasehir-Goztepe Metro Line (Yuksel Proje 2017; Palakci and 
Ugur 2021). 


Pelitli Formation Pendik Formation Volcanic Dykes Volcanic Dykes 
(SPp) (Dpk/ Dpkz) (wl-w2) (w4-w5) 

Unit Weight (g/cm?) 26 26 27* 25 

Elasticity Modulus (MPa) 9000 6000 15000 8000 

Uniaxial Compressive 4 

Strength (MPa) P = ay 15 

Average RQD (%) 13 13 - 3 

Average GSI (-) 50 46 - 27 

Average RMR (-) 55 51 - 32 


* These values are taken from Palakci & Ugur (2021). 
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Figure 3. Geological profile of the section where vibration recording is performed in Umraniye-Atasehir- 
Goztepe Metro Line Construction Site (Yuksel Proje 2017). 


The boundaries of the lithological units used during the data analyses are determined by 
combining the project geotechnical report, TBM operational and performance parameters 
and the geological data recorded by the TBM crew during the excavation. 


4.2 Geomechanical properties of the rocks used during laboratory analyses 


Two rock blocks (Mudstone of Pendik Formation and Siltstone of Kurtkoy Formation) with 
different properties from Goztepe-Umraniye-Atasehir Metro Line (Geodata Engineering S.p. 
A., 2016) and a beige marble sample from a quarry are used for the full-scale linear rock cut- 
ting tests. Unfortunately, it was not possible to obtain rock blocks directly from the excavated 
section of the line where TBM vibration data was recorded for a better comparison. 

The beige marble sample was not homogenous in terms of strength and cuttability features, 
and one side of the sample was very hard to cut during the FLCM tests than the other side. 
The petrographic analyses were conducted on the samples taken from both sides. The data 
was evaluated in two different sections (easy and difficult cuttability sections) for the beige 
marble sample. Petrographic analyses of these sections are summarized below. 

Difficult Cuttability Section (DC, Fossilized Intra Pel Sparite or Fossilized Pel Intra Spar- 
ite): Sparitic cemented limestone, which includes intraclasts, pellets (35-40%) and a slight 
amount of fossils. Intraclastic parts are composed of micritic limestone fragments. Mostly 
fractured with calcite fillings. Pellet size is between 0.1 and 0.4 mm. 

Easy Cuttability Section (EC, Fossilized Intra Pel Sparite): Sparitic cemented limestone 
includes more calcite fillings than the harder section. Pellets are larger in size (0.3-0.6 mm) and 
occupy more space (50%). Intraclast size and ratio are lower and include little amount of 
microfossils. Mostly fractured with calcite fillings. 
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Core samples are taken directly from the tested block rocks to determine their physical and 
mechanical properties. The physical and mechanical properties of the rock samples are sum- 


marized in Table 5. 


Table 5. Geomechanical properties of the tested rocks. 

Siltstone Mudstone 

(Kurtkoy (Pendik Beige Marble Beige Marble 

Formation) Formation) (EC) (DC) 
Density (gr/cm3) 2.73 2.52 2.68 2.69 
Uniaxial Compressive Strength (MPa) 46.50+12.76* 21.55+7.63 81.58+11.40 = 77.5741.70 
Indirect Tensile Strength (MPa) 6.94 + 1.90 4.95 + 0.38 5.83 + 0.85 6.51 + 0.52 
Static Poisson’s Ratio 0.31 0.11 0.19 0.11 
Dynamic Poisson’s Ratio 0.32 0.08 + 0.067 0.16 0.14 N/A 
Static Elastic Modulus (GPa) 14.52 4.93 26.34 19.97 
Dynamic Elastic Modulus (GPa) 29.38 19.33 +2.67 17.29 +2.34 17.03 + 1.75 
P-Wave Velocity (m/s) 3903 2744 + 172 2695 + 296 2517 + 132 
S-Wave Velocity (m/s) 2022 1850 + 153 1672 + 130 1784 + 141 
Schmidt Hammer Hardness (L Type) 32.95 23.11 39.42 41.03 
Shore Sclerescope Hardness 53.2 31.2 48.6 52 
Brittleness (B1) (Hucka and Das, 1974) 6.62 4.35 13.99 11.91 
Brittleness (B2) (Andreev, 1995) 0.73 0.62 0.86 0.84 


* Only one core sample for UCS test was available; the results of the point load test from one sample 
was also used for the calculation of average uniaxial compressive strength. 


It was seen during the rock cutting tests the beige marble’s hard cuttability section required 
higher cutting forces; however, uniaxial compressive strength values for both easy and difficult 
cuttability sections were not much different from each other, which indicated that the petro- 
graphic characteristic of rocks highly influences the cutting characteristics. 


5 RELATIONS BETWEEN VIBRATIONS AND ROCK PROPERTIES 


During the analyses, mostly interval root mean square accelerations (RMS;,,) are used; which 
is estimated by Equations 1 and 2; 


1 n 2 
RMS = \/-) 7, (ai) (1) 
RMSm = 4) Xys, + Yus, + 23 (2) 
int XRMS, T YRMS, T 7RMS;, 


where; n is data number in a segment ring and a is acceleration amplitude in g per axis. 

The tunnel alignment is separated into sections according to geological conditions for TBM 
data. Then, RMS;,; acceleration data is calculated on the basis of a segment ring and the 
results are averaged per lithological section. For analyses of laboratory cutting tests, RMS;n; 
and maximum acceleration are calculated for each cut. Then, the data belonging to repetitive 
experiments of a spacing and a penetration rate are averaged. 

Figure 4 shows RMS;n values averaged per lithological unit vs. RQD and GSI from TBM 1 
for top and bottom accelerometers. The coefficient of determination values indicate moderate 
to strong relationships. However, although RQD data has an accumulation at around 80% 
and some data gaps are present (Figure 4), it has a better correlation with acceleration in com- 
parison with GSI (Figure 4). The difference on the interval RMS values ranging between 0.5 
and 1.3 while the RQD is around 80% can be explained with difference on the UCS values of 
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the rocks and TBM operational parameters (penetration, thrust and cutterhead speed), since 
the excavation characteristics are different for each lithological unit. Even though the GSI is 
dependent on the engineering judgment that could influence the relations, the data is data is 
more distributed and seems logical. 
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Figure 4. Relationships between interval RMS acceleration, RQD (TBM 1) and GSI (TBM 1). 


The vibrations are also affected by TBM operational parameters, as an example, the bore- 
ability index and specific energy’s relation with interval RMS acceleration are given in 
Figure 5. Both parameters include effects from TBM operating parameters and rock proper- 
ties. As can be seen from the graphs, acceleration increases with increasing boreability index 
and specific energy, which is consistent with RQD and GSI graphs (Figure 4). 
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Figure 5. Relationships between interval RMS acceleration, boreability index and specific energy for 
TBM | and TBM 2. 


Figures 6-7 show interval RMS acceleration and maximum acceleration values versus uni- 
axial compressive strength and tensile strength of the rocks for different spacing and penetra- 
tion according to the experimental matrix given in Table 2. 
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Figure 6. The relations between uniaxial compressive strength and vibrations. 
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Figure 7. The relations between tensile strength and vibrations. 


In addition to the geomechanical parameters given above, the vibrations are also compared 
with elasticity modulus, Schmidt Hammer hardness, Shore Sclerescope hardness, and the 
brittleness indices (B1 and B2), which show similar trends. 

It can be concluded that the laboratory analyses follow a similar path with TBM data and 
both interval RMS acceleration and maximum acceleration values increase with increasing 
rock strength. 


6 CONCLUSIONS 


Interval RMS acceleration values, which include all three axes, are measured/recorded in 
the field for understanding the relations between the vibrations, geomechanical param- 
eters, and TBM operational parameters. Following the detailed analyses, it can be con- 
cluded that geological conditions affect vibration amplitudes. TBM vibrations can be 
used to detect geological/lithological changes and vibrations increase with the increasing 
strength of rock being excavated. Analysis of the data obtained from the full-scale linear 
rock cutting tests, in a controlled environment, indicate that as the rock strength 
increases, recorded interval RMS accelerations and maximum accelerations increases, as 
being similar to the vibrations generated during TBM excavation in the field. The study 
shows promising results and demonstrates that vibrations generated during TBM excava- 
tion can be utilized for ground identification and detecting lithological changes. It is 
believed that with increasing data quantity, better relations between geomechanical prop- 
erties and vibrations could be obtained. 
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ABSTRACT: Fire is one of the governing load cases for design of precast tunnel segments in 
transit tunnels. As the best practice, a design procedure is provided based on computational fluid 
dynamics (CFD) simulation of a light-rail train fire and importing CFD results into a two- 
dimensional coupled thermo-mechanical finite element analysis (FEA). Application of this pro- 
cedure to a 6-m diameter tunnel made of Fiber-reinforced concrete (FRC) segments is presented. 
While use of standard fire curves simplifies the design, it can result in overestimation of fire load 
on segments. Results show that once the actual fire curve of a light-rail train from CFD analysis 
used together with a coupled thermo-mechanical FEA, more realistic fire loads can be obtained, 
resulting in an optimized design of FRC segments. 


1 INTRODUCTION 


Fire is one of the governing load cases for design of precast tunnel segments in transit tunnels. 
The current design practice for this load case starts with using standard deterministic time- 
temperature curve -also known as fire curve- as an input for the structural design of tunnel lin- 
ings. This is mainly because of simplicity of such method and that adequate computational fluid 
dynamics (CFD) modeling could be time-consuming. Most common standard fire curves are 
shown in Figure 1. While these fire curves can be appropriate for a heat release rate in the range 
of 50-200 MW, they can significantly overestimate the fire of a light-rail train car and results in 
overdesign of tunnel linings. In this paper an optimized procedure is presented for the design of 
FRC segments against fire load in light-rail tunnels based on CFD and FEM analyses. 


2 CFD SIMULATION 


The rise in tunnel lining’s temperature during the fire is a function of various parameters such 
as ventilation systems (upstream airflow velocity), tunnels and trains’ dimensions, duration of 
fire, and heat release rate, HRR (Haghighat and Luxbacher 2019). As shown in Figure 2, 
a 6-m diameter tunnel lining and light-rail train geometries are imported into the ANSYS 
Workbench 18.2 to generate the mesh. The discretized computational domain is imported to 
ANSYS-CFX version 18.1 for CFD simulations. 


DOI: 10.1201/9781003348030-136 
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Figure 1. Standard fire load curves ITA WG6 2004). 
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Figure 2. Isometric views of tunnel and train’s geometries and selected dimensions. 


2.1 Heat and smoke release rate 


A single car fire incident is considered in this analysis. The train cars on fire are discretized 
into three fire zones through which fire propagates. Peak heat release rate (HRR) considered 
for the studied light-rail train car is 15 MW in the simulation. HRR is calculated using the 
medium t-squared HRR growth curve, i.e., af’, where ż is time and a is fire growth coefficient 
of 11.72 W/s* until reaching maximum HRR of 15 MW. The heat and smoke release rates 
remains at the peak level up to 2 hours. The train consists of five cars with three doors at each 
side of the cars. It is assumed that the fire is limited to only two train cars. Figure 3 presents 
the fire growth curve and the timeline for activation of each fire zone during the first 1400 
s. As shown in this figure, fire initiates from zone 1 (yellow) and spreads to zone 2 (orange) 
and then advances to zone 3 (red). In this simulation, train cars are assumed to be connected 
internally with no separation door between them, hence smoke can propagate freely through 
train cars. 

Fuel Lower Heating Value (FLHV) which determines the mass of the fuel burnt to 
produce the calculated heat is commonly taken as 15.1 MJ/kg and the air-to-fuel ratio 
(AF) is 14 kg/kg (SFPE 2002). The entrained air mass is added to the mass of burnt 
fuel to calculate the mass of the produced smoke. Following equation is used for 
smoke release rate. 
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Figure 3. Fire growth curve and fire spread direction. 


Smoke Release Rate = alphat? x (1 + AF) / FLHV (1) 


2.2 Computational assumptions and fire, evacuation and fan timeline 


CFD simulation’s assumptions include the ambient condition and fire and fan operation 
information used for emergency ventilation in the tunnel. As recommended by ASHRAE 
(2017), ambient temperature, density and pressure are considered 31.6°C, 1.158 kg/m? and 
101,350 Pa, respectively. It is assumed that fire in the train starts 90 seconds prior to the 
stop point inside the tunnel. The fans activate 15 seconds after the train’s full stop (start of 
evacuation), and their volume flow rate increases linearly to the full operational capacity 
in 60 seconds. The average airflow quantity provided by the emergency ventilation fans at 
the tunnel cross section upstream of fire source is 50.3 m7/s (see Figure 4). The train body 
in the fluid domain have no-slip adiabatic boundary condition. The turbulent intensity for 
the turbulent model is set to the medium level (e.g., 5%). The conjugate heat transfer 
method is selected for an accurate determination of the lining temperature. The concrete 
lining can be well approximated by an opaque surface, while emissivity and thermal con- 
ductivity are set to 0.94 and 1.4 W/m °K, respectively. The concrete lining is modeled as 
a continuous solid with an initial temperature of 10°C at the extrados. It is crucial to con- 
sider the thermal radiation during a fire incident inside the tunnel since the radiation frac- 
tion from a sooty fire is approximately one-third of the total combustion energy 
(ASHRAE (2017). Therefore, a discrete transfer thermal radiation model with gray spec- 
tral model is considered in this analysis. 


Openings 
K= 15 


Figure 4. Fire growth curve and fire spread direction. 
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2.3. CFD results 


The tenability of egress routs upstream of the fire cars is maintained indefinitely based on the 
provided airflow at upstream. The lining temperature contour plot at the full fire is shown in 
Figure 5, and the temperature-time graph (fire curve) is shown in Figure 6. The hot smoke is 
directed towards downstream of the fire, and maximum lining temperature at full fire is 
obtained as 735.6°C. This result is in agreement with EUREKA EU499 project, when meas- 
ured maximum lining temperature was lower than 800°C for the steel body train car fire when 
the HRR < 19 MW (Li and Ingason 2010). 


FIRE GROWTH TIME « 26.5 MIN 
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Figure 6. Temperature-time graph (fire curve) at highest temperature location as a result of CFD 
simulation. 


3 COUPLED THERMO-MECHANICAL NON-LINEAR FINITE ELEMENT 
ANALYSIS 


Two-dimensional coupled thermo-mechanical non-linear finite element analysis using 
DIANA FEA (2019) is performed for structural analysis. The CFD simulation fire curve is 
uniformly applied on the lining intrados (Figure 7). The lining thickness of 250mm is reduced 
by 20 mm to account for potential spalling at the intrados. The initial lining temperature is 
considered 20°C. Phased analysis is conducted based on thermal analysis and transient 
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(nonlinear) coupled thermo-stress analysis. The upper limit of concrete conductivity in EN 
1992-1-2:2004 and the volumetric specific heat (heat capacity) as a function of temperature are 
introduced to the model (Figure 8). 
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Figure 7. Geometry of tunnel segmental lining used in this study and fire curve application area (red). 
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Figure 8. Concrete conductivity and heat capacity as a function of temperature (EN 1992-1-2:2004). 


Results of thermal analysis as nodal temperature contours along the lining perimeter at 60 
and 120 minutes are presented in Figure 9. Nodal temperatures results along the lining thick- 
ness including the temperature contours at 120 min and nodal temperature history are pre- 
sented in Figure 10. Temperature distribution along the lining thickness at 15 min intervals is 
shown in Figure 11. 

Decayed mechanical properties of concrete lining as a function of temperature are given to 
DIANA FEA as inputs. These include decayed compressive and tensile properties of designed 
fiber-reinforced concrete (FRC) mixture. Main compressive parameters before fire (20°C) 
include f. of 50 MPa, E (Young’s modulus) of 32.6 GPa, ‘é., (strain at peak strength) of 
0.001535 and ‘cu (ultimate compressive strain) of 0.02. Utilizing decay factors of EN 1992- 
1-2:2004, fe, ‘€-7 and ‘Ecu as a function of temperature are obtained and shown in Figure 12. 
For decayed tensile properties of designed FRC mix, a stress reduction factor as a function tem- 
perature, obtained from experimental results of Caverzan et al. (2015) for residual tensile stres- 
ses, is utilized. These factors are shown in Figure 13 (bottom right). Note that the nominal 
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Figure 10. Nodal temperatures along the lining thickness: contours at 2 h (left) and history (right). 


800 
—e— 2hr 
700 em ] 4S 
U 600 —— 130hr 
g 500 —e=— 115 hr 
=] mete 1 hr 
= 400 
E ——— 45 min 
S 300 i 30 min 
Pes 200 —— 15 ri 
100 —e 1 min 
o 


o 50 100 150 200 250 
Distance fromintrados along the lining thickness, mm 


Figure 11. Profile of temperature at different fire exposure times along the lining thickness. 


(characteristic) residual flexural strength of FRC before fire (20°C) is fr 3 = 4.6 MPa which indi- 
cates a residual tensile strength of 1.6 MPa considering a normalization factor of 0.35 (ACI 
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Figure 12. Main decayed compressive parameters and residual tensile strength decayed factor (bottom 
right). 


544.7R 2016). Ultimate tensile strain at 20°C, 200°C, 400°C and 600°C are 0.13, 0.1, 0.07, and 
0.039, respectively (Caverzan et al. 2015). 

The lining is modeled as a non-jointed solid ring, and a 2D plane strain model is used in 
this analysis. The model consists of 45,742 structural high-order quadrilateral plane-strain 
elements with additional thermal degree of freedom. The interaction with the ground is 
simulated using 2,058 high-order boundary interface elements with a radial spring stiffness 
of 790,000 kN/m? considering 2GPa as the modulus of elasticity of the surrounding ground 
(k; =1.2E/Rtunnet = 1.2 x 2000/3.025 = 790,000). The hoop stresses developed along the lining 
thickness at 2 h are presented in Figure 13. This figure together with Figure 11 indicates that 
whenever lining is under tension (0-40 mm from the extrados), the mean temperature in the 
tensile zone is 45°C and the tensile zone always remains under 50°C. Where the lining is 
under compression, which is most of the lining section except 40 mm from the extrados, the 
temperature ranges between 50°C and 735.6°C. Considering 400°C as the characteristic tem- 
perature of this entire compressive zone is a reasonable assumption because 80% of this 
zone are exposed to a temperature less than 400°C. If a standard fire curve was utilized, the 
characteristic temperatures for compression, for example, would have been much higher 
around 700°C. The hoop stresses in the lining cross section (Figure 13) are integrated by 
DIANA FEA and resulting axial forces and bending moments are shown in Figure 14 for 
the fire exposure time of 2 h. Note that because of the uniformity of fire loading and bound- 
ary conditions, constant values for axial force and bending moment are expected; variations 
in results are due to numerical noises in FEM analysis. Therefore, average values of result- 
ing internal forces are considered for design checks, which are 2,555 kN/m for axial force 
and 129 kN.m/m for bending moment. A 30% reduction in the obtained bending moment - 
accounting for effect of longitudinal joints not considered in this 2D plan strain analysis- 
seems to be reasonable considering impact of six joints in the reduction of lining bending 
stiffness. Accordingly, a bending moment of 90 kN.m/m (0.7x129 = 90) is taken into 
consideration. 
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Figure 13. Hoop stresses developed along the lining thickness as a result of FEM analysis. 
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Figure 14. Resulting axial forces and bending moments in the lining after 2 h exposure time to fire. 
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4 LINING CAPACITY AND DESIGN CHECK 


FEM analysis results indicates that implementing a one-layer approach for compression 
zone and a one-layer approach for tension zone through the lining cross-section, the charac- 
teristic temperatures of these zones are 400°C and 50°C, respectively. Compressive and ten- 
sile stress-strain relationships for designed FRC at these temperatures are shown in 
Figure 15. Decayed bending moment-axial force (M-N) interaction diagram is constructed 
based on these decayed material properties and using closed-form solutions provided in Yao 
et al. (2018). For design check, the internal forces developed in the lining due to fire in previ- 
ous section are superimposed by internal forces developed due to embedment (final service 
stage) loads. 

Fire load case is an accidental limit state, and therefore, load and strength reduction fac- 
tors applied to this load case should be taken as 1.0. Comparison between the lining capacity 
and demand loads shown in Figure 16 confirms validity of the optimized segmental lining 
design. 

In comparison, when a standard fire curve like RWS (Efectis Nederland BV 2020) is 
used, a maximum temperature as high as 1350°C can be reached at intrados. The max- 
imum bending moment and axial force can be determined as 160 kN.m and 779 kN (vs. 
129 kN.m and 2555 kN.m for CFD fire curve), respectively. The significant drop in axial 
forces is due to much lower elastic modulus of concrete in elevated temperatures of RWS 
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Figure 15. Stress-strain relationships of FRC at the one-layer characteristic temperatures during fire. 
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Figure 16. Decayed lining capacity (M-N interaction diagram) versus demand for the load case of fire. 


fire curve analysis. These higher demands in conjunction with much higher decay in mech- 
anical properties of FRC, especially in compressive strength zone with a characteristic 
temperature of 700°C, lead to insufficiency of designed lining thickness of 250 mm, and 
overdesign of segmental lining. 


5 CONCLUSION 


A design procedure is provided based on CFD simulation of a light-rail train fire and per- 
forming 2D coupled thermo-mechanical FEA for segmental tunnel linings. Application of this 
procedure to a 6-m diameter tunnel made of 250 mm thick FRC segments is presented. 
Results show that utilizing this procedure, more realistic fire loads can be obtained which 
results in an optimized design of FRC segments. In contrast, when a standard fire curve like 
RWS is used for a light-rail train fire, it results in unjustified higher demands and higher level 
of mechanical decays in concrete which leads to overdesign of segmental lining. 
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ABSTRACT: Use of mechanical miners (tunnel boring machine, roadheader, continuous 
miner etc.) in both mining and civil industries has been considerably increased in recent years in 
the world. If mechanical miners are not properly designed and selected, some problems arise such 
that advance rates may decrease dramatically and significant economic losses may be encoun- 
tered. Rock cutting tests in different scales are the most widely used experimental methods for 
properly selection and design of mechanical miners and optimizing their performances. 

Previous studies indicated that the effect of cutting speed on cutting performance was contra- 
dictory in both laboratory-scale cutting (lower speeds usually up to ~25 cm/s) and cutting in the 
field (higher speeds, up to a few meters per second) with real-life mechanical miners. This study 
investigates the effects of laboratory-scale cutting speeds on cutting performance of a conical pick 
cutter. A previously developed portable linear rock cutting machine (PLCM), which cuts at 
a constant speed (3 cm/sec), is modified so that the cutting speed can be adjusted at three levels 
(3, 12.5 and 25 cm/s). Then, laboratory rock cutting experiments are performed by using PLCM 
on a rock sample (beige marble) at three different cutting speeds to analyze the effect of cutting 
speed on cutting performance (mean normal and cutting forces, and specific energy). Depth of 
cut values used in the tests are 2, 3 and 5 mm in single spiral cutting mode at constant line spacing 
of 10 mm. 

The results indicate that laboratory-scale cutting speeds affect the normal and cutting 
forces, and specific energy. The studies should be continued with some other rock types, other 
cutter types, and different experimental conditions. 


1 INTRODUCTION 


Prediction of the excavation performance of any mechanical miner such as roadheaders, con- 
tinuous miners and shearers for any geological formation is one of the main concerns in deter- 
mining the economics of a mechanized mining and/or tunneling operation. There are several 
methods of performance prediction and the best approach may be the use of more than one of 
these methods. These methods may be generally classified as full-scale linear cutting test, small- 
scale cutting test (core cutting), empirical approach, semi-theoretical approach and field trial of 
a real machine. Empirical performance prediction models are mainly based on the past experi- 
ence and the statistical interpretation of the previously recorded field data. The accuracy and 
reliability of these models depend on the quality and amount of the data. It is usually difficult to 
collect large amount of and high-quality data in the field (Balci, 2009; Balci and Bilgin 2007; 
Balci and Tumac, 2012; Balci et.al, 2017). 

It is widely accepted that efficiency of mechanical miners is measured based on the forces 
acting on cutting tools and specific energy value for a given rock and cutter type. Specific energy 
concept provides a realistic and simple method for a quick and informative performance (produc- 
tion) capacity of all types of mechanical miners. The specific energy is best obtained from full- 
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scale rock cutting tests, which fulfills the gap and weaknesses of the theoretical and empirical 
models. The basic disadvantages of full-scale rock cutting tests are that it requires large blocks of 
rock samples (around 1x1x0.6 m), which are usually difficult, too expensive or impossible to 
obtain. Therefore, the core sample based cuttability tests are preferred in many cases, even 
though their predictive abilities are lower than full-scale rock cutting tests. 

Previous studies indicated that the effect of cutting speed on cutting performance was 
contradictory in both laboratory-scale cutting (lower speeds usually up to ~25 cm/sec) and 
cutting in the field (higher speeds, up to a few meters per seconds) in real-life mechanical 
miners. Potts and Shuttleworth (1958) found in their field study using an instrumented 
small coal plow that the peak cutting forces remained constant with the increasing cutting 
speed, but the mean cutting force and cutting energy increased across the cutting speed 
range of 1, 2, 4, and 8 mm/s. O’Dogherty and Burney (1963) tested the effect of cutting 
speeds of 1, 2, and 3 m/s used in the field operations of the shearers; they found that the 
cutting speed had no effect on the mean cutting force, specific work or percent fines for the 
chisel tools used. Cook et al. (1968) performed non-interactive (unrelieved) core-cutting 
tests with a standard chisel tool at 10, 30 and 66 cm/s cutting speeds on very abrasive 
South African Quartzite samples. The mean cutting force was independent of the cutting 
speed, and the mean and peak normal forces increased with the increasing cutting speed. 
Roxborough (1973) performed unrelieved cutting tests with a wedge-type cutter at a 6-mm 
depth of cut on the flat surface of an anhydrite sample at cutting speeds of 15, 30 and 
57 cm/s and stated that the cutting performance parameters were independent of the cutting 
speed, but it would affect the tool force and cutting energy in harder and more abrasive 
rocks, especially at the higher speeds applied in field operations. Roxborough and Rispin 
(1973) performed linear cutting tests with wedge-type tools and rotary cutting tests with 
roller cutters in both relieved and unrelieved cutting modes on dry and wet chalk samples 
by varying the cutting speed between 0 and 1 m/s with V-type and tooth roller type cutters 
and found no effect on the tool forces, specific energy, or coarseness index. Nishimatsu 
(1979) stated that the tool speed had almost no effect on the cutting performance by con- 
sidering that the fracture development speed was hundreds of times faster than the practical 
cutting speeds, especially in coal cutting, but it had an effect on the tool wear due to the 
increasing tool temperature beyond a certain critical speed. Hurt and MacAndrew (1981) 
stated that reducing the cutting speed from | m/s to 0.5 m/s would result in a 10-fold 
higher tool life in the field. Demou et al. (1983) tested varying cutting speeds from 25 cm/s 
to 178 cm/s in unrelieved cutting mode on a flat rock surface and indicated that the specific 
energy did not change for conical or radial tools. Fowell and Ochei (1984) indicated by 
linear cutting tests with cutting speeds varying between ~12 cm/sec and 40 cm/sec that 
increased cutting speed at both shallow and deep depths of cut resulted in significant 
increases in the dust level produced by all tool types in both sharp and worn condition. Liu 
(1996) applied linear and rotary rock cutting tests on coal and mudstone samples by vary- 
ing cutting speeds from ~10 to ~27 cm/s (at 3 mm depth of cut and 10 mm line spacing) 
and they indicated that specific energy decreased with increasing cutting speed. Copur et al. 
(2017) applied full-scale linear cutting tests on two rock samples at two cutting speeds 
(12.7 cm/s and 25 cm/s) and the results indicated that the tool cutting speed had no appar- 
ent effect on the cutting performance. Shao et al. (2017) applied full-scale linear cutting 
tests on a sandstone sample by using a conical cutter at different cutting speeds varying 
from 50 cm/sec to 250 cm/s and indicated that cutting speed affected both mean normal 
and cutting forces, the tool force increased with increasing cutting speed. Zeng et al. (2021) 
claimed in their numerical study for conical picks that increasing cutting speed from 1 m/s 
to 4 m/s increased the cutting force and specific energy. 

The basic aim of this study is to investigate the effect of laboratory-scale cutting speed (3, 
12.5 and 25 cm/s) on cutting performance and specific energy) by Portable Linear Cutting 
Machine (PLCM) test using a conical cutter. Depth of cut values used in the tests are 2, 3 and 
5 mm in single spiral cutting mode at constant line spacing of 10 mm. 
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2 EXPERIMENTAL EQUIPMENT, PROCEDURES AND PARAMETERS 


A photograph of the PLCM is given in Figure 1 (Balci et al.2016, 2021; Comakli et al. 2015; 
2021). It includes a small and stiff reaction frame on which the cutter and load-cell assembly 
are mounted. A block sample in size up to 10 x 15 x 20 cm is cast within a metal sample box 
with fast-curing concrete. A hydraulic cylinder moves the sample box through the cutter at 
a preset (constant) depth of cut, cutter (line) spacing and constant velocity (speed). The depth 
of cut and line spacing of the cutter can be adjusted by mechanical devices. A dynamometer is 
used to measure/record the orthogonal force components (normal, cutting and side) acting on 
the cutter. A triaxial high quality aluminum load-cell equipped with strain gauge bridges is 
used, reaching a precision in the order of 1 kN and covering a range from 0 to 100 KN. Struc- 
tural load capacity of the PLCM is 50 KN for normal force and 20 kN for rolling force. After 
each cut, the rock box is moved sideways by a desired line spacing to simulate the action of 
multiple cutters on cutterhead of a mechanical miner. After each data cut, the cut length is 
measured, and the cut debris is collected, weighted, and sieved. Sieve analysis is performed to 
measure the size gradation of the muck samples and to estimate the coarseness index, which 
also provides information on the efficiency of the cutting. Each cut should be replicated at 
least 3 times. The recorded data is reduced using a custom-made worksheet macro program. 


Figure 1. Portable linear cutting machine (PLCM). 


The cutter is mounted in the holder, which is fixed directly to the load-cell, and must be 
calibrated with a hydraulic jack and load-cell prior to testing. The three orthogonal force com- 
ponents (normal, rolling, and side forces) acting on a cutter are measured. 

The specific energy, in addition to the cutter forces, is also an important factor in determining 
the cutting efficiency and the optimum cutting geometry. The specific energy is defined as the 
energy (work) required to excavate a unit volume or mass of rock. The achievable production 
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rate can be estimated by the specific energy for a machine with a known cutting power. It is esti- 
mated as follows (Pomeroy, 1963): 


SE = FR/Q, (1) 


where; SE is the specific energy (MJ/m*), FR is the average rolling force acting on the cutter 
(kN) and Q is the yield, defined as the volume of rock obtained per unit length of cut 
(m*/km). 

The effects of the line spacing (s) and depth of cut (d) on the SE and cutting efficiency are 
explained in Figure 2. If the spacing is too close (case a, relieved/interactive cutting mode), the 
SE is very high, and the cutting is not efficient due to over-crushing of the rock; the cutter 
wear is high due to the high friction between the cutter and rock. If the spacing is too wide 
(case c), SE is very high, and the cutting is not efficient since the cuts cannot generate relieved 
cuts: the fractures from sequential cuts cannot reach each other to form a chip; this creates 
a ridge or a groove-deepening (coring) or unrelieved (non-interactive) cutting condition, 
which might result in shock loads causing failures in the cutters or the stalling of the machines. 
The minimum SE is obtained with an optimum (s/d) ratio (case b), which indicates the most 
efficient relieved cutting condition; it generates the largest rock chips and minimizes cutter 
wear. The optimum (s/d) ratio is a specific characteristic for a given rock cut by a certain 
cutter. Increasing the depth of cut for the same spacing would reduce SE, but the benefit 
would be marginal deeper than a certain depth of cut. 


Relieved Cutting Mode (interaction between grooves) 


too small ( s ) optimum (s ) too large (s) 
(overcrushing) ( chipping ) ( ridge / coring ) 
(a) (b) (c) 


s = cutter line spacing 
d = depth of cut 


Specific 
Energy 


Figure 2. Effect of line spacing and depth of cut on specific energy. 


The preliminary (rough) instantaneous cutting rate of a mechanical miner can be estimated 
using Eq. (2) (Rostami et al., 1994, Copur et al. 2001): 


ICR 


=n: , 2 
n SEon (2) 


where ICR is the instantaneous (net) cutting rate (m*/h), P is the cutterhead power (kW), 
SEopt is the optimum specific energy obtained from linear cutting experiments (kWh/m?), and 
n is the total system efficiency coefficient. 

The PLCM testing program includes three main independent variables: cutting speed (3, 
12.5 and 25 cm/s), depth of cut (2, 3, 5 mm). The measured parameters are average normal 
(FN) and rolling (FR) forces, and specific energy (SE). The constant parameters are rock type 
(beige marble with uniaxial compressive strength of 160.7 MPa and Brazilian tensile strength 
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Figure 3. Conical tool used in the tests. 


of 7.82 MPa), cutter type (a mini scale conical cutter having a tip angle of 60°, attack angle of 
45° (Figure 3)), cutting pattern (single spiral), line spacing (10 mm), and data acquisition rate 
(2000 Hz). Each test is replicated at least 3 times. 


3 EXPERIMENTAL RESULTS 


The results of the PLCM tests with mini conical cutter in relieved cutting mode is summarized 
in Table 1. Relationships between cutting speed and cutting performance parameters obtained 
at 5 mm depth of cut are given in Figure 4 for average normal and cutting forces, Figure 5 for 
maximum normal and cutting forces, Figure 6 for yield, and Figure 7 for specific energy. Simi- 


lar results are obtained for 2 and 3 mm depths of cut. 


Table 1. Results of cutting tests obtained from PLCM in different cutting speeds on beige marble. 


Cutting Speed FN St. Error FR St. Error SE St. Error 
(cm/sn) d(mm) s/d (kgf)  (%) (kg  %) (kWh/m?) (%) 
3 2 5.0 337.6 11.9 137.3 5.8 20.4 1.0 
3 33 412.6 14.5 179.7 7.9 19.3 1.2 
5 2.0 449.3 22.3 216.9 11.9 14.7 1.3 
12.5 2 5.0 420.3 123 121.7 4.3 17.4 1.6 
3 3.3 521.4 143 152.4 5.4 16.9 1.8 
5 2.0 547.5 22.1 211.9 11.0 13:2 1.2 
25 2 5.0 471.3 14.5 172.1 4.6 31.8 1.8 
3 3.3 581.4 19.2 152.1 6.7 18.5 0.9 
5 2.0 487.7 21.4 304.6 7.8 21.4 1.1 


d = Depth of cut, s = Line spacing, FN: Average normal force, FC = Average cutting force, SE = Specific energy. 


It is seen in Figure 4 that the average tool forces change with cutting speed. Average normal 
force increases around 22% when cutting speed increases from 3 cm/s to 12.5 cm/s, and 
decrease around 11% from 12.5 cm/s to 25 cm/s cutting speed. The reason of this fluctuation is 
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considered that the cutting speed affects normal forces using point attack tools. Effect 
of cutting speed on cutting forces, specific energy, yield and specific energy investi- 
gated by Copur et al. (2017) for nodular limestone and travertine rock types in 
Figure 6. 

It is also seen that while the cutting force do not change much with the cutting speeds of 
3 cm/s and 12.5 cm/s, it increases around 44% from 12.5 cm/s to 25 cm/s cutting speed. 


A similar trend with the average cutting force is observed for the specific energy (Figure 5 and 
Figure 6). 


ai ate E 


300 — m aa 
200 
=t Normal forces 
=>- Cutting forces 
100 


a — — : — = = 


G 5 10 15 20 25 30 
Rock cutting speed, (cm/sec) 


Forces, (kgf) 


Figure 4. Relationships between average tool forces and cutting speed at 5 mm depth of cut on beige 
marble. 


Specific energy, (kWh/m?) 


0 5 10 15 20 25 30 
Rock cutting speed, (cm/sec) 


Figure 5. Relationship between specific energy and cutting speed at 5 mm depth of cut on beige marble. 


The experimental results are in good agreement with the findings of Li 1996. As is seen on 
Figure 7 there is a relationship between cutting speed and specific energy. In this study, cutting 
speed is changed between 30 to 250 mm/sec. on Beige marble to find cutting speed and specific 
energy results. The study and research should be further continued with some other rock types, 
other cutter types, and different experimental conditions. 
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Figure 6. Effect of cutting speed on specific energy, yield and specific energy for nodular limestone and 
travertine by Copur et al. (2017). 
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Figure 7. Effect of cutting speed on specific energy by Liu (1996). 
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4 CONCLUSIONS 


The results indicate that cutting performance (tool forces, yield, and specific energy) obtained 
from PLCM is affected by the laboratory-scale cutting speeds. The results from portable linar 
rock cutting machine are in good agreement with the findings of Li 1996. However, the pre- 
liminary results and the limited data given in this study are not enough for a clear conclusion; 
the literature on this issue is contradictory. The studies on this subject should be further con- 
tinued with some other rock types, other cutter types, and different experimental conditions. 


ACKNOWLEDGEMENTS 


The study includes a part of PhD studies of Faraz Shoaee. The authors are grateful for the 
support of Istanbul Technical University (ITU) Research Foundation, the Scientific and 
Technological Research Council of Turkey (TUBITAK 218M400), the company of E-BERK 
Tunneling and Foundation Technologies for supplying cutters and all research people sup- 
ported this project. 


REFERENCES 


Balci, C., Copur, H., Tumac, D., 2021. Investigation of the Effect of Rock Cutting Speed on Rock Cut- 
ting Performance with a Portable Linear Cutting Machine. TUBITAK Project No: MAG 218M800, 
Report submitted to Tubitak. (in Turkish). 

Balci, C., 2009. Correlation of rock cutting tests with field performance of a TBM in a highly fractured 
rock formation: a case study in Kozyatagi-Kadikoy Metro Tunnel, Turkey. Tunnelling and Under- 
ground Space Technology 24, 423-435. 

Balci, C., Bilgin, N., Copur, H., Tumac, D., 2016. Development of a portable linear rock cutting machine 
for selection of mechanical miners by investigating the cuttability of some rocks. TUBITAK Project 
No: MAG 112M859, Report submitted to Tubitak. (in Turkish). 

Balci, C., Tumac, D., 2012. Investigation into the effect of different rocks on rock cuttability by a V type 
disc cutter. Tunnelling and Underground Space Technology 30, 183-193. 

Balci, Comakli, R., Bilgin, N., Copur, H., Tumac, D., Avunduk, E. 2017. Unrelieved Specific Energy 
Estimation from PLCM and FLCM Linear Rock Cutting Tests and Comparison with Rock Proper- 
ties, ITA-AITES World Tunnel Congress 9.-15, Bergen, Norway. 

Bilgin, N., Balci, C., Tumac, D., Feridunoglu, C., Copur, H., 2010. Development of a portable rock cut- 
ting rig for rock cuttability determination. Proc. European Rock Mechanics Symposium (EUROCK 
2010), Editors: J. Zhao, V. Labiouse, J.P. Duth and J.F. Mathier, ISBN: 978-0-415-58654-2, June 15- 
18, Lausanne-Switzerland, CRC Pres/ Balkema, Taylor and Francis Group, pp. 405-408. 

Comakli, R., Balci, C., Copur, H., Tumac, D., 2021. Experimental Studies Using a New Portable Linear 
Rock Cutting Machine and Verification for Disc Cutters. Tunnelling and Underground Space Tech- 
nology 108 (2021, February) 103702. 

Comakli, R., Balci, C., Polat, C., Tumac, D., Avunduk, E., Copur, H., Bilgin, N., 2015. “Cutter Forces 
Measurement with (PLCM©) Using Mini Disc Cutters: Comparison with the Theoretical Models”, 
ITA World Tunnel Congress (WTC 2015) and 41st General Assembly, p. 10, Dubrovnik, Croatia. 

Cook, N.G.W., Jougin, N.C., Weibols, G.A., 1968. Rock cutting and its potentialities as new method of 
mining. J S Afr I Min Metall, May: 435-454. 

Copur, H., Bilgin, N., Balci, C., Tumac, D., Avunduk, E., 2017. Effects of different cutting patterns and 
experimental conditions on the performance of a conical drag tool. Rock Mechanics and Rock Engin- 
eering 50 (6):1585—1609. 

Çopur, H., Tungdemir, H., Bilgin, N., Dinçer, T., 2001. Specific energy as a criterion for the use of rapid 
excavation systems in Turkish mines. The Institution of Mining and Metallurgy, Transactions Sec- 
tion-A Mining Technology, Sept.-Dec., Vol. 110, pp. A149-157. 

Demou, S.G., Olson, R.C., Wingquist, C.F., 1983. Determination of bit forces encountered in hard rock 
cutting for application to continuous miner design. US Bureau of Mines, RI-8748. 

Fowell, R.J., Ochei, N.N. Fig. 13 Effect of cutting speed on specific energy in cutting Mudstone 1984. 
Comparison of dust make and energy requirements for rock cutting tools. Int. J. Min. Eng, Volume: 
2:1, pp. 73-83. 


1164 


Hurt, K.G., MacAndrew, K.M., 1981. Designing roadheader cutting heads. The Mining Engineer, Sep.: 
167-170. 

Liu, Y., 1996. Performance of diamond and point attack coal cutter picks. International symposium on 
mining science and technology, Xuzhou (China), 16-18 Oct 1996. pp. 577-582. 

Nishimatsu, Y., 1979. On the effect of tool velocity in rock cutting. In: International Conference on 
Mining Machinery, Brisbane, Australia, 2-6 July, pp.314-319. 

O’Dogherty, M.J., Burney, A.C., 1963. A laboratory study of the effect of cutting speed on the perform- 
ance of two coal cutter picks, Part II. Colliery Engineering, March: 111-114. 

Pomeroy, C.D., 1963. Breakage of coal by wedge action — Factors affecting breakage by any given shape 
of tool. Colliery Guardian, Nov. 21, pp. 642-648; Nov. 28, pp. 672-677. 

Potts, E.L.J., Shuttleworth, P., 1958. A study on the ploughability of coal, with special reference to the 
effects of blade shape, direction of planing to the cleat, planing speed and the influence of water 
infusion. Trans Inst Min Eng 117: 519-553. 

Rostami, J., Ozdemir, L., Neil, D.M. 1994. Performance prediction: a key issue in mechanical hard rock 
mining, Mining Engineer, November, 1263-1267. 

Roxborough, F.F., 1973. Cutting rock with picks. The Mining Engineer, June: 445—452. 

Roxborough, F.F., 1973. Cutting rocks with picks. The Mining Engineer, June, pp. 445—455. 

Roxborough, F.F., Rispin, A., 1973. The mechanical cutting characteristics of the lower chalk. Tunnels 
and Tunnelling 5: 45-67. 

Shao, W., Li, X., Sun, Y., Huang, H., 2017. Parametric study of rock cutting with SMART*CUT picks. 
Tunnelling and Underground Space Technology 61 (2017) 134-144. 

Zeng, Q., Wang, Z., Lu, Z., Wan, L., Liu, Z., Zhang, X., 2021. Research on cutting performance and 
fatigue life of conical pick in cutting rock process. Science Progress 2021, Vol. 104(4) 1-29. 


1165 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Comparison of two identical EPB TBMs under different and 
complex geological conditions 


LS. Binen 
Trakkom Engineering & Industries, Istanbul, Turkey 


F. Kara, M. Temur & M. Cinar 
Kalyon Construction, Istanbul, Turkey 


U. Ates 
Istanbul Technical University, Istanbul, Turkey 


ABSTRACT: Large metropolitan cities require constant infrastructure investments to fulfill 
the needs of ever-growing population. With the advancements in mechanized tunneling, utiliz- 
ing TBMs for infrastructure and utility tunnels has become a very efficient method. However, 
considering the high initial capital investments, TBM design and selection becomes important 
for the success of the project. European Potable Water Transmission Project utility tunnels 
were designed to travel more than 19 km under the densely populated areas of Istanbul. The 
project crosses complex geological conditions. Based on the complexity of geological condi- 
tions, time frame and the operational concerns, the tunnel excavated simultaneously by two 
identical EPB TBMs. In this study, it was aimed to investigate and compare the performance 
of both TBMs by analyzing excavation data obtained from the data logging system of the 
TBMs. In addition, TBM’ reaction under risky or difficult conditions caused by fault lines, 
excessive hydrostatic pressures, and abrasive sand drives will be presented case by case. 


1 INTRODUCTION 


Istanbul is a constantly growing metropolitan city on a stretch line from east to west. Some of 
the features that distinguishes Istanbul from other cities such as the Bosphorus which separ- 
ates continents, the hills that shape the famous silhouette of the city, and the vivid population 
also creates a significant problem to meet the ever-increasing requirements of infrastructure. 

European Water Transmission Project (EWTP) was planned to meet the demand and 
secure the potable water requirement of the large city. It was planned to build a main line of 
potable water to increase the capacity and improve the distribution network. Due to varying 
topography, dense population, and complex network of existing infrastructure, mechanized 
tunneling has emerged as a feasible solution to carry out such application. A single tunnel 
with 4 m inner diameter and a length of approximately 19 km has been planned to host the 
main pipeline along with deep shafts for service and distribution purposes. 

However, due to the length of the project and the complex geological features of Istanbul 
such as water basins, fault lines, soft and unstable saturated soils, and hard rock conditions, 
there were many and different features to be considered during the planning and construction 
phases (Ates et al. 2016, 2017, Kara et al. 2018). The method and the equipment should have 
been designed and selected carefully to cope with the different conditions and scenarios. For 
that purpose, two identical EPB TBMs have been selected for the project. TBMs were also 
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designed in such a way that allows them to overcome possible risks that may be encountered 
during the mining phase. 

In this study, it is aimed to discuss the outcomes of using identical TBMs in urban tunneling 
with varying and different ground conditions. Geological features and the specifications of 
TBMs will be presented in the related chapters. Obtained risks along with solutions planned 
and improvements made will be investigated. The performance comparison of the identical 
TBMs in both hard rock and soft soil conditions will be presented and the results will be 
evaluated accordingly. 


2 GEOLOGY OF THE LINE 


EWTP route stretches under the densely populated Istanbul to transfer the main potable water 
line through the city (Figure 1). In addition to significant residential and commercial surface 
structures, tunnel route also passes under many infrastructures such as other metro and utility 
tunnels as well as complex geological features such as underground water basins, fault lines, and 
weak zones. 


Figure 1. Tunnel route. 


Alignment of the tunnel, where this paper focuses, consists of 3 different formations with their 
sub-members, namely, Trakya Formation, Danismen Formation and Cekmece Formation. The 
tunnel route for TBM 1 from shaft 2 to shaft 4 mainly passes from slight to medium weathered 
siltstone-shale formation while alluvium, clay, and sandstone-shale formations are also present 
(Emay 2018). The geological report indicated that crushed or completely weathered zones and 
fault zones were present at the line. The route for TBM 2 between shaft 6 and shaft 8 mainly 
passes from the alteration of dense sand and hard clay. The section of TBM 1 mainly excavates 
in rock/weak rock formations while TBM 2 mainly excavates in soil (Emay 2018). Geotechnical 
parameters of the units are given on the Table 1. and geological profiles for TBM 1 and TBM 2 
are given on the Figure 2 and Figure 3. 
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Figure 2. Geological profile for TBM 1. 
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Figure 3. Geological profile for TBM 2. 


Table 1. Geomechanical properties of the units seen on the line (Emay 2018). 


Siltstone — Shale Sandstone — Shale Clay Dense Sand Hard Clay 


Lithology (w2-3) (w3-4) (Qa) (Tce) (Tdg) 
Unit Weight (g/cm°) 2.6 2.5 1.9 2.1 20 
Cohesion (kPa) 500 121 150 36 15 
Friction Angle (°) 44 34.8 - - 27 
Elastic Modulus (MPa) 2420 386 31.5 32 40 
Poisson’s Ratio (-) 0.24 0.28 - - - 
Uniaxial Compressive 48 28 - - - 
Strength (MPa) 

RQD (%) 39 12 : 2 z 
GSI (-) 50.7 30.6 - - - 
Q(-) 0.858 0.038 - - - 
RMR (- 41 25.6 = 4 2 
SPT (N60) - - 12 40 50 


1168 


Sections composed of sandstones showed good strength when not weathered (Figure 4) and 
posses the characteristics of very hard rock with up to 60% percent quartz content. On the 
other hand, soft soil sections have been observed as loose and saturated, bearing the risks 
related to face stability under densely populated urban area (Figure 5). 


Figure 4. Excavation face photo for TBM 1. 


Figure 5. Excavation face photo for TBM 2. 
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3 TBMS USED DURING THE PROJECT 
The project utilizes 2 identical Lovsuns EPB TBMs of 4.8 m excavation diameter. Technical 


specifications of the TBMs have been summarized in Table 2. The cutterhead photos and 
TBM gantry layouts are presented on Figures 6 and 7. 


Table 2. TBM specifications. 


Brand Name Lovsuns 

Model Name RME 188 SE 45300 
Excavation Diameter 4.8m 

Main Drive System VFD — 4 x 200 kW 
Total Main Drive Power 800 kW 

Torque Capacity 3811 kNm @ 1.90 RPM 


2071 kNm @ 3.5 RPM 
5017 kNm @ start - up 


Cutterhead Rotation Bi-directional - CW and CCW 
Cutterhead RPM Range 0-3.5 RPM 
Thrust Capacity 27940 kN @ 345 bars 
19560 kN @ 240 bars 
Number of Disc Cutters 23 x 17” Single Disc Cutters 
4x 17” Twin Disc Cutters 
Number of Scrapers 40 x Face Scrapers 
8 x Gauge Scraper Sets 
Number of Foam Lines 6 x Lines for foam (360 Ipm) 
1 x Line for polymer 
CH Opening Ratio Approx. 29% 


P AARRE TT TANGA W ee 
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Figure 6. TBM layout. 


TBMs were designed to perform under both rock and soil conditions. 4 VFD drive units of 
200 kW power were installed to generate 3811 kNm nominal torque capacity at 1.90 RPM. 
For hard rock conditions, cutterhead speed could go up to 3.5 RPM with a maximum torque 
of 2071 kNm. 

Cutterhead has been designed to allow the efficient use of both cutter discs and rocking rip- 
pers configurations, or a configuration composed of both cutter discs and rippers. Spacing 
between the cutters was selected as 89 mm to improve performance under rock conditions. 

Overall opening ratio of the cutterhead is 29%. Centre area of the cutterhead have an open- 
fashion design to reduce torque in soft and sticky ground conditions while also allowing a better 
material flow into the chamber. Similarly, symmetrically placed openings from center to perimeter 
of the cutterhead were designed to obtain improved material flow without sacrificing the support 
for face stability. 

TBMs have 16 main propulsion cylinders with 100 mm/min extension rate. Total thrust cap- 
acity of the TBMs is approximately 28000 KN. In addition to main propulsion, TBMs also have 
12 active articulation cylinders with 152 mm extension. Moreover, to improve the articulation 
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Figure 7. Cutterhead drawing and photo. 


ability of the TBMs, a passive articulation system was also adopted along with automatic tilt 
control for the main propulsion system. 

TBMs also have an improved ground conditioning system for foam and polymer injection 
into the cutterhead, excavation chamber, and screw conveyor. A total of 6 foam lines have 
been dedicated to the ground conditioning system. To have better control on the system and 
improve the efficiency, each line has a dedicated water pump. As it will be discussed in later 
sections of this study, the ground conditioning system has proven to be very useful and 
important for the performance of the TBM as well as achieving the face stability in soft soil 
conditions such as saturated and dense sandy sections. 


4 TBM PERFORMANCE 


TBM 1 is the first TBM in the project that started mining while TBM 2 being the second 
TBM launched. It was planned to complete approximately 19 km of bored tunnel sections 
with the two TBMs except some small sections and pilot tunnels near shafts. Duration of the 
project was estimated as 48 months based on the assumption of 200 m per month average 
advance rate including all site mobilizations, maintenances, and other related activities. 
Monthly advance rates of TBM 1 has been given in Figure 8. 


TBM 1 Monthly Advance 
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Figure 8. TBM 1 monthly advance rates. 
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Locomotives and rolling stock system is the main equipment of tunnel logistics and muck dis- 
posal for both TBMs which was also one of the biggest challenges faced during the project. Due 
to limited space available on surface for shaft areas combined with the difficult topology of 
Istanbul, TBM 1 has been operated from deep shafts with a depth of approximately 50 meters, 
which results in higher time consumption for loading and unloading the rolling stock. To reduce 
the impact of such time consumption which increases over tunnel length as the mining con- 
tinues, a remobilization has been carried out after the first breakthrough in February 2022. 

To be able to compensate for the limitations of logistics and other operations, a higher 
actual advance rate was necessary for the TBMs. Table 3 shows the best daily and monthly 
advance rates along with average monthly advance rate of TBM 1. 


Table 3. Advance rate statistics for TBM 1. 
Best Daily Advance (m) 24 


Best Weekly Advance (m) 122 
Best Monthly Advance (m) 441 
Avarege Monthly Advance (m) 239 
Avarege Monthly Advance - Normalized (m) 282 


Best daily advance of TBM 1 was recorded in May 2022 with 24 meters while the best monthly 
advance was recorded in June 2022 with 441 meters. Average monthly advance of TBM 1 was 
calculated as 239 meters including all activities. However, when normalized by excluding the 
months with launching, breakthrough, or re-mobilization activities, the monthly average per- 
formance of TBM 1 can be obtained as 282 meters which is almost 1.4 times of the project 
assumption. 

It should also be noted that the route of TBM 1 consists of hard rock conditions including 
fault lines and weak zones along with some high strength and high quartz content sections. 
There were also water basins with high hydrostatic pressure along the line. Performance of the 
TBM managed to stay consistent in terms of performance, even under such different and diffi- 
cult conditions. 

Figure 9 shows monthly advance performance of TBM 2 which passes through soft and 
unstable soil conditions such as saturated sandy clay, sand, and dense sand while the best 
daily and monthly advance rates were given in Table 4 for TBM 2. 


TBM 2 Monthly Advance 
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Figure 9. TBM 2 monthly advance rates. 


Main concern for TBM 2 was achieving the face stability under difficult ground conditions. 
Due to the presence of sand, abrasion related risks were also another point of concern when con- 
sidered the relatively longer drivers within sand layers for TBM 2 and quartz containing hard 
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Table 4. Advance rate statistics for TBM 2. 


Best Daily Advance (m) 27 


Best Weekly Advance (m) 123 
Best Monthly Advance (m) 390 
Avarege Monthly Advance (m) 243 
Avarege Monthly Advance - Normalized (m) 271 


rock for TBM 1. Therefore, cutterheads were equipped with anti-abrasive carbide plates on the 
face and rim area to reduce the risks associated with abrasion. In addition to that, a design that 
allows easy shifting from disc cutters to rippers and vice versa was adopted. Especially, in sand 
and sandy clay, rocking rippers were efficient to reduce the torque and improve advance rate. As 
a result, TBM 2 managed to obtain a best daily advance rate with 27 m in February 2022. 

Best monthly advance rate for TBM 2 was obtained as 390 m while the average monthly 
advance rate was 243 m. Normalized advance rate of TBM 2 has been calculated in a similar 
way to provide comparison plane with TBM 1. Normalized advance rate of TBM 2 has been 
determined as 271 m after removing the months that include launching, breakthrough, and 
other mobilization or maintenance activities. Again, TBM 2 managed to achieve a normalized 
average 1,35 times of the baseline advance rate estimation for the TBMs. 

Best daily advance rates of both TBMs were recorded as 24 m and 27 m for TBM 1 and 
TBM 2 while best monthly advance rates of both TBMs were 441 m and 390 m, respectively. 
On the other hand, normalized average monthly advance rates were calculated as 282 m and 
271 m for TBM 1 and TBM 2. Both TBMs which have identical properties showed a very 
similar performance under completely different conditions. 


5 CONCLUSIONS 


In this study, it was aimed to compare the performance of two identical TBMs under different 
and difficult conditions. Two identical EPB TBMs and their performance for in the given pro- 
ject has been summarized and briefly explained. 

One of the key elements of a TBM project is to obtain and sustain a consistent performance 
from the very start to the end since TBMs require relatively higher initial investment and plan- 
ning before the regaining period during the operation. In projects where more than one TBM 
has been utilized, it is essential to understand that the overall success of the project is correl- 
ated with the average performance of all TBMs involved. In EWTP, two identical TBMs man- 
aged to get the same and satisfactory performance even under different conditions. 

Moreover, having identical TBMs make it easier to plan and operate maintenance routines, 
controlling and replenishing spare parts, and managing trained and specialized TBM crew. 
Especially, during the pandemic, it became difficult to sustain the supply of spare parts and 
required manpower. Utilizing identical TBMs makes it possible to create a shared spare part 
pool from consumables such as cutters, and scrapers to more scarce and essential equipment 
such as motors, and hydraulic/mechanic equipment. Efficient use of spare parts with a common 
maintenance program allows better management of the spare parts. 

TBM crew is also one of the most important factors behind the performance of a TBM. 
Trained and specialized crew can be transferred from one TBM to the other when required 
or in case of necessity. As the TBMs are identical, specialized crew will require no learning 
curve and/or a training period. In other words, having identical TBMs also makes it easier 
to manage the work force. 

EWTP is a great example of collaboration between contractor, TBM manufacturer, and 
other parties involved which makes it possible to come up with a design solution that is able 
to overcome previously detected risks and disadvantages. 
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Furthermore, for large cities that require infrastructure investments, well designed TBMs 
can be of use in more than just one project. That way it is possible to reduce the initial invest- 
ment costs which will benefit both the owner and the contractor. 
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ABSTRACT: Simultaneously backfill grouting limits the movement due to self-weight and 
thrust forces generated by the TBM, and the displacement differences between two measure- 
ment points, by filling voids left by the TBM between the excavation profile and extrados of 
the segments, so the system becomes monolithic. On Snowy 2.0, preventing any deviations 
from construction tolerances of the pre-cast lined tunnel set by the British tunnelling society 
was a challenge when building a large diameter tunnel in a sharp negative slope using a bi- 
component backfill grouting and a conventional single shield tunnelling boring machine. Even 
when injecting grout quite above the theoretical volume per advance, that flowed to the cutting 
wheel before the gel time formation set by the design specification, and voids were identified 
during proof drilling, especially in the tunnel crown, even after the secondary grouting had 
been done. The control of these tolerances constitutes a major challenge in the use of the mech- 
anised tunnelling method. This paper presents the development of the solution on Snowy 2.0 
for the Main Access Tunnel through the installation of two auxiliary grouting lines and 
a manometer, for grouting from the back part of the shield in the tunnel crown, whilst ensuring 
a grout pressure is maintained in between the acceptable range limits, both above and below 
the tunnel spring line. After starting the grouting injection from the lines independent from the 
TBM, the rings built met the tightest construction tolerances set for the Main Access Tunnel. 


1 INTRODUCTION 


The Snowy 2.0 Pumped Storage Power Plant is a major pumped-hydro expansion of the existing 
Snowy Scheme, located in the Kosciuszko National Park (New South Wales, Australia). It will 
increase the scheme’s generation capacity by 2 GW. The project will connect the existing reser- 
voirs impounded by the Tantangara and Talbingo dams, through 27 km of power waterway tun- 
nels and an 800 m underground power station equipped with 6 Francis pump-turbine units. 

The MAT tunnel and the Emergency Cabling Ventilation Tunnel (ECVT) are dry tunnels 
connected by four cross passages. The present paper deals with Main Access Tunnel (MAT) 
which gives access to the Power Station Complex. 


2 GEOLOGY 
The geology unit excavated along MAT Tunnel is known as Ravine Beds West Formation 
(RBW) and is characterized as shallow marine deposit of thinly bedded to foliated shale, siltstone, 


sandstone, massive conglomerate, and low metamorphosed equivalents of these sedimentary 
rocks, igneous intrusive and ignimbrite, according to the GBR. RBW is generally massive to 
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Figure 1. PSPP - Snowy hydro 2.0 general layout. 


blocky rockmass, with surface condition very good to good and a few fractured/shear zones 
with clay and gauge infill, medium to very high strength, moderately-slightly metamorphosed, 
moderately weathered to fresh and medium-low abrasive. This geology generally has a low 
permeability, with 67% of test results showing less than 1-10-8 m/s and in more fractured 
zones, (e.g., in BH8106, midway along the MAT alignment) the tests show permeability up to 
2:10-7 m/s. The highlight in terms of hydrogeology is the estimated flow rate of 1001/s. 


Figure 2. Core sample of RBW Formation: interlaminated mud and sandstone (BH8106, 279-283 m). 


Table 1. Ravine Beds West Formation — Rock Parameters. 


Rock Parameters From To Most Likely Value 


Unit Weight (y) [kN/m3] 26.3 27.5 27 
UCS [MPa] 40 160 75 
m [-] 9 21 17 
Poisson’s Ratio, v [-] 0.13” 0.35 0.23 
Young’s modulus (E) GPa 30 65 50 
Abrasivity CAI 1 2.5 1.5 


Unconfined Compressive Strength tests done during construction have reached the maximum 
result of 160 MPa after Km 2. Underground Face Mapping prepared daily during excavation for 
each 10 m of progress. The Table 2 lists the parameters based on site evaluation at the most chal- 
lenges chainages along the Designed Tunnel Alignment. The face mapping in the mechanized tun- 
nelling space is much more limited and it is done from into the cutterhead. Due to the k = 1.6 
(state of stress in a rock mass) considered, the overburden is approximate and differs from the 
higher theoretical one. Throughout most part of the tunnel length, the rock behaviour is elastic- 
plastic with minor instabilities, rarely is purely elastic with general deformations of negligible 
magnitude. 


3 TBM SHIELD DESIGN 


The main access tunnel was excavated using a single shield type operated in open mode and 
excavation diameter of 11090mm Tunnelling Boring Machine model CTT11090 designed and 
fabricated by CREG to excavate rock. The diameters of the front shield, middle shield, and 
tail shield gradually decreased by 2cm respectively. 
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Table 2. Underground Face Excavation Mapping. 


Tunnel Intact Rock RMR RMR RQD GSI 
Advance CH (m) Overburden (m) Strength O MPa Index Class Index Index 


500 206 75 68 Il Good 75-85 
850 347 80 65 Il Good 70-80 
1250 473 113 73 II Fair 70-80 
1550 420 105 68 Il Good 65-75 
1700 465 109 70 Il Good 65-75 
2000 576 128 70 II Good 65-75 
2150 612 142 75 II Good 65-75 
2350 658 142 68 II Good 65-75 
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Figure 3. Shield Design - Geometry and characteristics. 


Figure 4. Shield design — Cross section. Figure 5. Minimum and designed correction curve. 


When operating the machine downhill in open mode, the heavier cutterhead designed, 
weighting 275 t, had an impact on the annulus grouting injection from the ports close to it, 
posing a challenge to the grouting operations. Table 3 shows the TBM main features. 


Table 3. TBM Main characteristics and cutterhead parameters. 


N° of 
Shield Boring Excavation Annular disc Cutterhead Total Working Max force 
Length Diameter dia gap (tail) cutters power weight torque per cutter 


15.7m 11.070m 11.040 m 0.155m  52(19”) 14x350kW 275t 20715 kNm 315 kN 
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Figure 6. Cutterhead design. Figure 7. Segmental lining design. 


4 SEGMENTAL LINING DESIGN 


There are 9 segments 2 m in length per ring, divided in two types, SC1 and SC2, and the 
designed concrete class is feck = 50 MPa. 


Table 4. Segmental lining main characteristics. 


Segment ID Segment OD Segment width Segment dividing angle Ring type Segment thickness 


69900mm Ø 10660mm 2000 mm 13.33°/27 points 9+0 0.38 m 


Even though the general alignment of the tunnel is curved, only one type of universal seg- 
mental lining was designed. To standardise the production of the pre-cast concrete segmental 
linings in the project’s factory, the same geometry has been chosen for 4 different Pre-cast 
lined tunnels excavated using 3 different tunnelling boring machines procured for the project. 


5 GROUTING SYSTEM AND MIX DESIGN 


In the mechanized tunnelling, where the lining is made with pre-casted segments, is necessarily 
created an “annular gap”, of a few centimeters between the excavation profile and extrados of 
the segments. This gap is gradually filled in with backfill grouting as the machine progresses 
through the grouting system. The grouting ports are located close to the cutterhead. The 
pumped pressurized grouting lines beaks are placed at the tail located at end of the shield. The 
annular backfill grouting is pumped behind the tail shield to fill this gap. 
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Figure 8. Fontimeter design. Figure 9. Distribution of grouting ports. 


The machine is equipped with a fontimeter at the articulation shield with a 300mm stroke for 
measuring the gap between the excavation profile and extrados of the segments. The sealing effect 
of the bi-component backfill grouting when fully applied should also guarantee the roundness of 
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the concrete rings and that they are built to construction tolerances. Proof Drilling tests — the pro- 
cess of drilling holes through the segment’s intrados till the rock — were carried out systematically 
to identify any possible void on the backfill grout. After a thorough investigation, it has been 
detected that part of the grout flowed to the cutting wheel before the gel time formation due to, 
among other factors, the machine operating on gravity when in open mode, the sharp negative 
slope, and the presence of water. The volume of grouting pumped was generally quite above the 
theoretical quantity per advance. Due to the extra volume of grout being pumped, overpressure 
was applied at times to be sure that the annular gap was properly backfilled. Even though, voids 
were identified especially in the tunnel crown. Construction deviations from tolerances involve the 
installation of the segmental ring, and subsequent deformations of the ring during and after TBM 
progresses. The grouting lines and systems available in the manufactured TBM have proven to not 
be enough for a satisfactory simultaneous backfill grouting operation, or to ensure that the annulus 
gap would be totally fulfilled even when describing the negative slope. The machine used in this 
project is equipped with a 10-point annular grouting system. Two out of ten original TBMs’ grout- 
ing lines and ports were modified to be used for the systematic secondary grout in the tunnels’ 
crown from gantries 1 to 5. They are originally positioned in the invert and are ports 4 and 5. 


Table 5. TBM Main characteristics and cutterhead parameters. 


Quantity of Quantity of Max grouting Total Grout Flushing 
Grouting Type pumps grouting pipe pressure Pumping capacity System 
Bi-component 10 pieces 10 work + 10 12 bar 60 m*/h HP water 
stand by 
a F =< 
€3< 


COMPONENT 6 t 


Figure 10. Two types of tail skin grouting piping design. 


Table 6. Grout mixture performance parameters - No dilution by 
the ground water. 


Gel formation Time Time Compressive Strength 


10- 18s lh 0.05 to 0.1 MPa 
24h 0.5 to 1.0 MPa 
7 days 1.5 to 2.0 MPa 
28 days 2.0, 4.0 and 10.0 MPa 


To avoid the ovalization of the ring and corresponding angular deviations and joint mis- 
alignments, two new auxiliary grouting lines were installed at the rear zone behind the TBM 
backup, as well as a manometer, and two new steel lines from the outlet of the flowmeters to 
the rear gantries ending in rubber hoses, for grouting in the tunnel crown. Component A line 
is provided with a rubber diaphragm-protected manometer to control the grouting pressure 
just before the T connector at the secondary grouting socket. Bleeding holes in the secondary 
grout port of adjacent rings confirm the full backfill of the annular gap in the tunnel crown. 
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Table 7. Grout mix design. 


Material A Component B Component 


per m? of grout 


Cement 280 kg 

Bentonite 30 kg 

Water 830 kg 

Stabilizer 4kg 

Activator - 70-90 kg 
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Figure 11. Auxiliary grouting system. Figure 12. Flowmeters of each line and pumps. 


6 CHALLENGING DESIGNED TUNNEL ALIGNMENT (DTA) 


The total length of the Main Access Tunnel is 2932 m. Its overburden is variable, of up to 700m. 
There are two main curves along the Designed Tunnel Alignment. The DTA is characterized by 
tight S curves of 500 m radius along shorth lengths and steep negative slopes of up to -8.75%. Its 
first issuance is presented in the Figures 13 and 14 below and in the Table 8. 


MATO! - Longannet tamon 
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Figure 13. MATO1 - Longitudinal section scale 1:5000. 


Table 8. Tracing curves. 


Curve Alignment Starting CH EndingCH Length Radius 


Cl MAT 0+138.68 1+195.28  1056.598m 800m 


C2 MAT 1+800.59 2+333.87  533.275m 500m 


After start excavating the first curve along a shorth length, it has been noted construction 
issues such as leakages, step, lip, joint misalignment as well as voids between segments and rock 
in the tunnel crown. The navigation system used was PPS. The issues with steps and lips were 
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Figure 14. MATO1 - General arrangement plan. 


mainly related to steering of the TBM and eventual wrong selection of the ring orientation. The 
pre-requisite for a smooth installation of segments is its accurate geometry and deviations from 
the design may occur during installation, associated with the selection of the key segments position 
for ring. This issue was easily solved by upskilling operators on how to follow the ideal key posi- 
tions calculated for the tunnelling route. The solution given to the voids found that contributed to 
the concrete rings built out-of-tolerances, as well as joint misalignment, were previously discussed 
and will be further discussed in the conclusion. 


7 DESIGNED TUNNEL ALIGNMENT (DTA) BACK ANALYSIS 


A design change request was raised proposing a new alignment that intended increasing the 
radius of the tight S curve of 500 m radius in 50 m, and the enlargement of the transition curves 
in between tight curves and steep slopes. As the TBM front shield, including the cutting wheel, 
weights 900 t and the segment is 2 meters in length, the TBM required smooth transition curves 
to avoid clashing between the tail shield and the last ring installed. With the implemented transi- 
tion curve T, the operation of the machine became smoother following the tunnel alignment. 
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Figure 15. MATO1— Reviewed longitudinal section scale 1:5000. 


Table 9. Tracing curves. 


Curve Alignment Starting CH Ending CH Length Radius 


Cl MAT 0+139.18 1+204.91 1065.73 m 800m 
C2 MAT 1+762.03 24+354.91 592.88m 550m 


8 CONSTRUCTION TOLERANCES 


Topographical surveying of the pre-cast lined tunnel has been performed by certified surveyors 
as per approved procedure to check against the required design tolerances with reference to 
the BTS Specification for Tunnelling, and the most relevant for this project are as follows: 

“- The maximum lipping or stepping between the edges of adjacent segments shall be 5mm.” 
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“- The maximum and minimum measured diameters in any one ring shall be within 15mm of 
the theoretical design diameter of the ring measured on completion of ring build and grouting.” 


Figure 16. Ring 123 Roundness Inspection at Figure 17. Ring 992 Roundness Inspection at 
CH 245 (before the adjustment in the system). CH1985 (after the adjustment in the system). 


9 CONCLUSIONS 


After having initiated the construction of the Main Access Tunnel, a general back analysis of 
the Designed Tunnel Alignment, and the backfill grouting process were carried out. The paper 
focused on the summary of the big challenges of the project’s first tunnel along almost 3 km of 
excavation. After modifying the backfill grouting process, shortening the backfill grouting 
travel distance by connecting two new grouting lines running from the rear of the TBM, redir- 
ecting the injection from two TBM grouting ports and performing the secondary backfill grout- 
ing systematically, enough bonding between the rock and the segment was ensured. Finally, we 
would like to underline the importance of shortening the distance travelled by the backfill grout- 
ing and set up the right operative procedures to face the criticality of the out of tolerance issue. 
Construction deviations may have substantial implications, such as reducing the quality of the 
completed tunnel, decreasing the advance rate, and having the sealing performance of the seg- 
ments and ring joints compromised. The lessons learned from the Main Access Tunnel were of 
high importance to anticipate any possible issue before starting the excavation of the tailrace 
tunnel with the same machine, for which the construction tolerances are even tighter. Detailed 
action plans are being set, design review before final issuance and TBMs mechanical adjust- 
ments to face the most critical passages with the minimal risks and interruptions. 
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ABSTRACT: Abrasivity, or its reciprocal concept, “wear resistance”, are not intrinsic proper- 
ties of a material, but rather parameters describing the interaction of two materials, i.e. the wear 
part and the material exerting the wearing action. Moreover, “wear” or, at least, that part of the 
wear, which is due to the cumulated effect of minute scratches, is linked to the “hardness dispar- 
ity” concept: an example is provided by the well-known Mohs hardness scale (the “harder” body 
wears the “softer” body). In the case of rock-metal interaction, a difficulty arises from the 
inhomogeneity of the interacting bodies. The paper, after a synthetic explanation of the basic 
principles, deals first with the problem of measuring and representing the hardness of inhomo- 
geneous bodies; a simple procedure is described, with practical examples. Then, after a review of 
data on TBM disc service life and rock abrasivity evaluation, cases of TBM used in hydropower 
tunnel driving in Italy are presented. Data pertaining to the rock bored and to the metal compos- 
ing the discs, together with machine data, tools consumption and machine productivity are pro- 
vided and compared to find correlations enabling to forecast tools service life. 


1 INTRODUCTION 


Excavation and/or drilling tools’ service life is mainly affected by the amount of work the tool is 
required to provide in unit time. Large amounts of metals are consumed in rock excavation. 
Metal wastage can be ascribed to: 1. worn metal due to the excavation; 2. residual mass of dis- 
carded worn parts; 3. breakages and broken parts replacement; 4. obsolete machinery and plant 
replacement. Reference is here made to point 1; it must be warned, however, that in metals an 
increase in wear resistance is usually accompanied by a decrease in toughness (Bai et al. 2021), 
while in rocks the opposite is usually true. The wear/breakage interplay is very complicated, being 
usually breakage partly a consequence of wear. The wear/breakage borderline is arbitrarily set 
and how large and severe must be the damage to be considered breakage instead of wear is debat- 
able. Lastly, wear is not merely due to mechanical problems since also tribochemical effects (cor- 
rosion enhanced by mechanical wear and vice-versa), play an important role. Anyhow, wear can 
be considered as the result of minute mechanical failures. Strength and hardness characterize the 
rock or the metal with respect to the resistance to mechanical damage (breakage, wear). However, 
the pair (metal/rock) should be characterized when dealing with interactions. 

Metal loss includes the effects of tool-rock interactions that occur on the microscale (“wear” in 
the strict sense) and on a larger scale (“breakages” of the tool, due to a too-high force applied to 
the tool). However, the two “scales” and consequently wear and breakages are strictly connected. 
Intuitively, a worn tool requires more thrust to function, which makes breakage more likely. To 
prevent or reduce wear, the hardness of the tool can be increased but, as already stated, a growth 
in hardening usually leads to an increase in metal brittleness, which has a negative effect on the 
frequency of breakage (Pal Dey & Deevi 2003). Other possibilities consist in using additives 
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expressly designed to create a layer between the tool and the surface that has to be excavated for 
wear reduction (Oñate Salazar et al. 2016a, Di Giovanni et al. 2022) but not always this is realiz- 
able for environmental restrictions. 

As far as wear is concerned, the most common approach is to characterize the rock’s “abra- 
sivity” based on its mineralogical composition (Oñate Salazar et al. 2016b, Todaro et al. 
2022), which leads to the “equivalent quartz content” (Schimanek 1970), that is a practical, 
though not rigorous, rock characterization criterion. The approach here used is intended to 
represent a second approximation criterion: being tool hardness variable as well as rock hard- 
ness, the “rock-metal” pair can be characterized by means of the “hardness ratio”, instead of 
characterising the rock only (Cardu & Giraudi 2012). 

Indicators of the stress levels leading to failure are commonly employed to characterise 
materials at the macroscopic scale, as the uniaxial compression strength or the shear strength. 
Instead, when considering the problem of characterisation at a very small size scale, two diffi- 
culties arise: the so-called size or scale effects (dependence of the measured strength values on 
the size of the probe) and the small-scale inhomogeneity of the materials (Mancini et al. 1993). 

The first difficulty has been overcome through the systematic use of micro-scale mechanical 
testing that permits to measure the micro-hardness (Frisa Morandini & Mancini 1982). Besides 
different methodologies characterized by different shapes of the bit used for the micro-hardness 
assessment, the Knoop test has become the reference, since it can be used to measure the hard- 
ness of metals as well as of minerals, rocks, glasses and ceramics, the only constraint being 
posed by the polishability of the probe. Hardness values quoted in this report are obtained with 
a Leitz Durimet testing at least one machine equipped with a Knoop penetrator; a load equal 
to 200 g (1.962 N), in compliance with the Italian regulations (UNI 9724 part 6), was applied to 
the bit. The size of the domains mechanically characterized by a micro-hardness test is typically 
in the 10 - 100 micrometers range. 

The second difficulty has been solved by adopting a statistical representation (frequency dis- 
tribution diagram) of the measured punctual hardness values, represented on a semi-logarithmic 
scale. A reproducible distribution diagram can be drawn based on at least 40 readings, even in 
inhomogeneous materials (i.e. granitic rocks). Diagrams presented in this report are obtained 
according to the suggested number of readings, both for rocks and for metals. Examples are 
shown in Figure 1. To be noticed the significant inhomogeneity at the micro-metric scale, fea- 
tured by visually homogeneous materials like metals. Only homogeneous glasses are exempt 
from small-scale inhomogeneity. In the case of TBMs, the well-known and theorized depend- 
ence of the disk replacement on its position (center, mid, periphery) on the TBM head can be 
explained simply by the different amounts of excavation work allocated to the different discs. 
Apart from that, tool service life depends on the “sensitivity” to the metal loss of the tool, which 
means, the amount of metal loss tolerated without serious impairment of the efficiency (for 
example, drag bits are more sensitive than discs, and small discs more sensitive than large discs). 
Lastly, service life depends, jointly, on the rock excavated and on the metal employed to make 
the tools (Oñate Salazar et al. 2018). 


2 ROCK-METAL PAIR MECHANICAL CHARACTERIZATION 


It is assumed that, during operation, the rock elements and the metal parts come in contact 
repeatedly, and that instantaneous contact points are randomly distributed on the rock elem- 
ents and on the metal parts. The hardness ratio between metal and rock at the contact point is 
linked to the severity of the elementary wear event. The pair can be therefore characterized by 
the cumulated frequency distribution diagram of the —metal-rock hardness ratio at randomly 
distributed contact points. As already reported, the diagram can be obtained by 40 metal and 
40 rock hardness values employed to characterize the individual materials: it consists of a total 
number of 1600 equiprobable hardness ratio values (R). As an example, Figure 2 depicts two 
curves related to the micro-hardness cumulated frequency distribution of a serpentinite (1) and 
of the steel of which the employed jaw crusher is made up (2). Figure 3 instead reports the 1600 
equiprobable hardness ratio values (R) and the relative cumulated frequency distribution. The 
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Figure 1. Examples of microhardness frequency distribution diagrams. Semilog charts are employed 
due to the extremely wide hardness range. A: travertine (negligible hardness points, amounting to 18-20 
%, are pores); B: dolomitic limestone; C: serpentinite; D: fine-grained white granite; E: hard steel, from 
a crusher jaw; F: hard steel, from a TBM disc; G: sintered carbide prism, from stone chain cutter. 


diagrams so drawn proved to be highly reproducible. The hardness ratio distribution diagram 
can show how frequent are random contacts where the hardness ratio between metal and rock 
falls below a “safe limit” excluding damage to the wear part; the more displaced towards the 
right is the diagram, the less serious should be the wear problem. When R is lower than 1, the 
microhardness of the rock is higher than that of one of the steel tools. 

TBM discs pose a special problem, because both wear and breakage are important causes 
of service life-shortening and, moreover, are interacting causes: wear forces to increase 
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Figure 2. Micro-hardness cumulated frequency distribution diagrams for a serpentinite (A) quarried for 
railroad ballast, and for the steel tools (B) of which the jaws of the crusher employed are composed. 
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Figure 3. Hardness ratio distribution diagram for case of Figure 2. 
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thrust (since the disk starts to not work properly), and increased thrust makes breakages 
more likely. 

In the following, 4 different real cases are described. Cases are identified with capital letters 
A-B and general data related to the tunnels’ excavation are reported in Table 1. 

Hardness analysis of the cross-section of the discs reveals different metal hardening strategies: 
in some cases, the same hardness distribution diagram is obtained, irrespective of the distance 
of the tested area from the cutting edge, in other cases (case A) the metal close to the cutting 
edge is harder than the core (Figure 4). Analysing Figure 4, it can be deemed that a different 
hardening process has been employed in order to save the toughness of the core metal. 

Figures 5-6 refer to cases B and D (hydropower tunnels). As reported in Table 1, rocks were 
a dolomitic limestone in case B and a hard gneiss in case D. A somewhat harder, but not dif- 
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Figure 4. Hardness distribution diagram obtained from tests on different parts of the cross-section of 
the cutting ring of the TBM disc of case A. S: testing area close to the cutting edge (down to 1 cm depth); 
C: the core of the ring; M: 40 points randomly distributed in the cross-section. 


ferent hardened, steel was selected for the discs employed in the latter case. Tunnel B was suc- 
cessfully driven, with reasonable tool consumption (0.0022 discs/m*, see Table 3) while case 
D was unsuccessful. In detail, in case D operation was discontinued at 30 m chainage, being 
all discs out of service (the rock was probably beyond the practical limit for steel discs). 
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Figure 5. Rock and metal hardness distribution diagrams for the two TBM operations: B1: dolomitic 
limestone; B2: TBM disc employed in dolomitic limestone boring; D1: hard gneiss; D2: TBM disc 
employed (failed attempt). 
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Figure 6. Hardness ratio distribution diagrams for the two cases of Figure 5. B: steel B2 v/ dolomitic 
limestone B1; D: steel D2 v/ gneiss D1. The problem related to case D can be easily noticed, where the 
hardness of the metal is lower than that of the rock in ~20% of the interactions. In fact, case D was 
unsuccessful. 


3 TOOL WEAR IN TBM EXCAVATION 


TBM practical advance rate depends on the net advance rate and on the idle time, which is 
accounted for by means of a “machine utilization coefficient”. While the net advance rate is 
mainly dictated by rock strength and is comparatively easy to predict, the utilization coeffi- 
cient depends on a so large number of factors that reliable predictions are very difficult to 
make. Metal wear is only one of the factors on which the utilization coefficient depends and 
can represent a negligible or a very important factor according to the operation considered 
(Ribacchi & Fazio 2005). Anyhow, an improvement of the rock abrasivity characterization 
should represent important progress, at least for this part of the general problem. The names 
of the operations have been omitted: cases are labeled as tunnels A, B, C1, C2, and D (see 
Table 1). 

In the case A, the machine did not complete the tunnel due to the very high abrasiveness of 
the rock encountered at chainage 1900 m (hard granitic gneiss and anatexites). The tunnel in 
case B was completed with success in limestone (distinctly bedded, faulted, and folded, with 
marl and clay partings) and in a massive and hard dolomitic limestone. 

As for tunnel C (14800 m long), two stretches are examined (C1, 3651 m and C2, 3790 m long) 
that were excavated in calcschists, micaschists, and meta-conglomerates without problem, except 
in intensively faulted and folded rocks with the presence of shear zones. In tunnel D, an incline 
of around 40° slope, both the machine and the tools were not suitable for the tough and abrasive 
rocks to cross (amphibolites, pegmatites, and amphibolitic gneiss) and therefore it was necessary 
to replace the machine, but the data are not available in this regard. 

The data of the machine are collected in Table 2, performance data in Table 3, and rock 
data in Table 4. 


Table 1. General data related to the tunnels’ excavation. 


Days to complete 


Tunnel D Lı Lə Lithotype the tunnel H 

A 2.57 6215 1900 Granitic gneiss 224 / 

B 3.5 3052 2981 Dolomitic limestone 134 400 

C1-C2 3.5 14800 14800 Calcschist, micaschist 281 + 198 500 
Meta-conglomerate 

D 3.6 752 20 Amphibolitic gneiss / 150* 


* Measured perpendicularly from the sloping surface of the mountain 
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D = tunnel diameter (m); L1 = tunnel length (m); L2 = length excavated by TBM (m); H = 
Average overburden thickness (m). 


Table 2. Machines’ data. 
Machine D S Tore Tay N o n Emax Ezg: Total Power 


A 2.57 0.7 2800 1800-2000 17* 300 12 380 160 380 
B 355: 0.75 7155 4000 27 397 9.57 552 480 680 
C1-C2 3.5 1.5 6200 3960 26 412 10.6 600 504 900 
D 3.6 1.16 4440 / 33 412 12 390 / 460 


* Double disc tools. 


D = head diameter (m); S = maximum stroke (m); Tmax = maximum thrust (KN); Tav = 
average thrust during excavation (kN); N = number of tools (-); b = tool diameter (mm); n = 
head revolutions per minute (rpm); Pmax = maximum power at the head (kW); Pay = average 
power at the head during operation (kW); Total Power (kW). 


Table 3. Machines’ performance data. 


Case N. P.R. U. C. A. D. P. E; S. T. C. 


A 1.13 0.31 8.47 27 0.021 
B 3.7 0.38* 22.2 13.5 0.0022 
C1-C2 2.4 0.27** 20 23 0.0035 
D / / / / / 


* Calculated on the worked days. 
** Rock reinforcement time is not considered. 


N.P.R. = Net Progression Rate (m/h); U.C. = Utilisation Coefficient (-); A.D.P. = Average 
Daily Progression (m/d); Es = Specific Power Consumption (kWh/m3); S.T.C. = Specific 
Tools Consumption (tools/m3). 


Table 4. Geomechanical characteristics of the rocks encountered by the tunnels. 


Case Co To RMR HK7; s/q 

A 70-170 7-12 70-85 5990 0.138 

B 60-180 5 60-80 1500 0.002 
C1-C2 60-130 5-7 30-70 6300 0.083-0.16 


D 90-200 10-16 60-80 8200 0.05-0.08 


Co = Uniaxial strength of the rock (MPa); To = Tensile strength (MPa) (Brazilian test); RMR 
= Rock Mass Rating (-); HK75 = micro-hardness of the tools’ steel (MPa); s/q = the result of the 
drillability test with a small diameter bit (mm-1) (more details are provided in the following). 


3.1 Performance of the machine 


Table 3 shows that the net progression rate was generally pretty good, though being affected 
by machine features and by rock characteristics. The interrelation between the variables is 
complicated, being involved several parameters, mainly pertaining to the machine. 
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The description of the behavior of the TBM can however be synthesized, as far as the net 
progression rate is concerned, with the relationships linking three dimensionless ratios, that 
are: p/p, Co/E,, T/(A*E,), where p is TBM’s penetration per revolution (mm), 6 is the disc 
diameter (mm), E, is the specific energy (MJ/m°), T the thrust (MN), A is the cross-section of 
the tunnel (mô). In Figures 7-8, p/p is plotted against Co/E, and T/(A*Es) respectively. With 
reference to Table 1, only cases A, B, and C were considered for the analysis. Despite the wide 
scatter, both suggest linear relationships that can be synthesized with equations (1) and (2): 


T/(A*E;) ~0.5 p/¢ (1) 
Co/Es~ 100 p/¢ (2) 


from which semi-quantitative relationships and predictions can be easily derived: 


1. T~ 0.005 (A * Co), which roughly agrees with the observed data: actually T = 0.0053 + 
0.0019 (A * Co). 

2. T, A, and > being equal, E, decreases as p increases. 

3. p and 6 being equal, E, grows as Cp grows, and E, and Cp being equal, p grows as $ grows. 


Figures 7-8 show the trends found in cases A, B, C relating to (1) and (2). 
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Figure 7. Left: Relationship between p/, and C/E, for the cases A, B, and C of Table 1. 
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Figure 8. Right: Relationship between p/b and T/(A*E,) for the cases A, B, and C of Table 1. 


The main problem, with TBM operation, is, however, the average monthly progression, by 
far lower than the net progression rate, being affected by idle time due to: machine launching 
time, stability problems, important machine repairs, ordinary maintenance, tools replacement 
and regripping time. The ratio between the production time and the total time is the U.C. In 
the cases examined, the U.C. averages 0.38. A low U.C. value implies the greater difficulty of 
the work, and this is generally due to stability problems. In the case of inclines, the U.C. it is 
generally smaller than horizontal tunnels due to the more difficult operating conditions. 

U.C. is generally little affected by tool replacement (a certain percentage of the total time), 
but the number of tools replaced weighs on the operational costs. 


1189 


3.2 Tools consumption and rock abrasivity 


Tools performance is as a rule characterized by the S.T.C., the number of tools replaced per m? 
excavated. Rocks are usually characterized by abrasiveness indicators, such as the NCB 
Indenter index (Szlavin 1971), the Schimanek coefficient (Schimanek 1970), the quartz content, 
the indexes from drillability tests with small diameter bits, CERCHAR indices, micro-hardness 
and so on (Alber 2008, Deketh 2020). A clear trend may be noted in Figure 9 between S.T. 
C. and the rock micro-hardness (HK7s). The trend of the S.T.C. vs. s/q, where s is the flattened 
surface (mm?) of the bit after one minute of drilling and q is the volume (mm°) of the rock 
drilled during the same time, appears less significant in Figure 10: the rocks tested fall into two 
broad families: scarcely abrasive at left (sedimentary rocks), and abrasive at right (volcanic or 
highly metamorphosed rocks). The dispersion still observed inside each group is due to machine 
and tools variability and to reasons tentatively explained in the following. 
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Figure 10. S.T.C. vs s/q. 


3.3 Relative rock hardness characterization 


As previously pointed out, the consumption of tools depends on various factors besides the 
abrasiveness of the rock, among which are important Co (West 1989) and the thrust, the latter 
probably due to the Coọ/thrust interrelation. Some additional considerations can be made to 
summarize: the metal hardness, though is not so widely scattered as rock hardness, is consid- 
erably different from one case to another, and, for the same metal, from a point to another of 
the same specimen (the hardness discrepancy from the softest to the hardest point of the same 
tool can be more than 100%); quite often the tools are not purchased from manufacturers, but 
rather from local suppliers, which can change even during the excavation of the same tunnel; 
this gives rise to some uncertainty on the metal type; the diagrams refer to the metal layer, 
some mm thick (up to 1 cm) that is allowed to be worn before replacement. Some tools have 
shown uniform hardness features in the whole cross-section, some have been found to be dif- 
ferentially hardened, with a softer (but more resilient) core and a harder surface layer; these 
features apparently are important in determining the resistance to breakages rather than to 
pure wear (Hood & Alehossein 2000). 
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Of course, the specific tool consumption also depends on the machine parameters. The example 
in Figure 11 shows, for the cases examined, the influence of the average thrust on this parameter: 
as the thrust increases the specific consumption of tools increases. However, this simple statement 
hides a more complex phenomenon that requires to be better discussed since different factors play 
an important role on the wear. Firstly, the increase in thrust, considering a given penetration (cor- 
responding to a given forward speed), is commonly performed when encountering a harder rock. 
In any case, the thrust cannot be indefinitely increased (due to mechanical constraints of the cut- 
ters and/or machine advancement system), consequently the penetration decreases above a certain 
rock strength, therefore more machine-head revolutions are necessary to cover the feed unit. Sec- 
ondly, the hardness of cutting rings should also be considered for the wear phenomenon, since it 
is possible that by increasing the thrust, the embrittlement phenomenon also increases with 
a consequent increase in wear. Finally, the direction of advance of the machine and the presence 
of water during the excavation process also play an important role in wear. In conclusion, with 
reference to Figure 11, it can be hypothesized that the increase in S.T.C. could be due to the 
increase in the machine-head revolutions, as well as the increase in the embrittlement phenom- 
enon. As for the last two factors, no information is available on the presence of water, while only 
a comparison between projects with differently oriented heading directions could highlight the 
important role of this factor on the tools wear. Concluding, to limit the wear, it is necessary to 
accept more limited performance in terms of advancement of the TBM. 
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Figure 11. S.T.C. vs average thrust. 


4 CONCLUSION 


Quantitative characterization of rock/metal pairs mechanically interacting at a small size 
scale was developed and is under test in several metals wear problems: tools’ lifetime depends 
in fact on a great number of factors, from the rock to the tool, to the machine and to the way 
the machine itself is operated (Oggeri & Oreste 2012). Therefore, referring only to “rock 
abrasivity” is an oversimplification since the rock strength, the embrittlement phenomenon, 
the presence of water and the direction of advancement as a function of the orientation of the 
discontinuities should also be considered. All factors, however, in principle, can be either 
known from the results of measurements, or at least reasonably guessed in advance. The cri- 
terion here investigated relies on the knowledge of three indicators, two of them at the micro- 
scale (rock micro-hardness, metal micro-hardness), and one at the centimetric-decimetric 
scale (rock compression strength), all of them correlated to tools’ life and allowing to express 
semi-quantitative forecasts. It is not expected that such a characterization alone can reliably 
predict the useful life of the metal parts of the machines, but rather that part of the metal 
damage can properly be ascribed to fine wear; in any case, the indicator provided by the fre- 
quency distribution R can be combined with more classical strength indicators to provide 
a complete picture of the effects of the metal/rock interaction on the metal. 
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ABSTRACT: In the excavation of clayey soil with Earth Pressure Balance TBMs, the study 
of soil conditioning is a complex issue. The presence of a mix of water, clay and foam, often 
added with polymers, makes the resultant mass a material strongly time-dependent and where 
the internal forces are given both by mass and surface actions. Differently from granular soils, 
where the time-dependence of the conditioned mass is ruled by the decay of foam, in clays one 
the rate of adsorption of the liquid phase of the conditioning into the clay chips cannot be neg- 
lected since strongly affects the quality of the conditioned mass in time. This paper compares 
the difference in the adsorption rate through the evaluation of the dynamic adhesion for differ- 
ent chip size. For each studied clay, different chip size distributions are obtained and tested. 
The difference in the development of adhesion reflects the different rate of adsorption of the 
liquid phase showing that the dimensions of the chips should be considered in the choice of 
clay conditioning parameters with reference also to the estimated time spent by the conditioned 
material to go through the excavation chamber and to exit from the screw conveyor. 


1 INTRODUCTION 


In the industry of tunneling, a large share of the market is occupied by Tunnel Boring Machines 
(TBMs) excavations. Among this share, Earth Pressure Balance (EPB) are frequently used. EPB- 
TMB rely their functioning on the correct assessment of soil conditioning. This means that the 
right dosage of conditioners, usually water and foam, must be added to soil to change its behav- 
iour. In particular a high flowability, a low permeability, a low wear potential and high compress- 
ibility are desirable. 

The process needed to assess of the right dosage of conditioners has been studied by several 
authors (Vinai et al. 2008, Thewes & Budach 2010, Martinelli et al. 2015, Mooney et al. 2017, 
Peila et al. 2019, Carigi et al. 2020a) for cohesionless soils. 

In the case of cohesive soils, one additional feature has to be controlled. For clay condition- 
ing is of paramount importance to correctly assess how to avoid clogging. With this scope sev- 
eral researches were developed by Hollmann & Thewes (2013), Thewes & Hollmann (2016), 
Khabbazi et al. (2017) that highlighted a strong relationship between the water content, 
together with the Atterberg’s limits, and the clogging potential. 

Unlike from what happens in cohesionless soils where, being the grains inert, the decay of the 
efficacy of soil conditioning depends only on foam degradation rate and water evaporation 
(Carigi et al. 2020b), in clay it plays a determinant role also in the progressive hydration of the 
chips detached from the excavation face (Galli & Thewes, 2014), as depicted in Figure 1. 
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The clay chip and clumps, which usually have dimensions up to decimeters, progressively 
adsorb water from the surrounding environment modifying their behaviour accordingly. 
This change is progressive and does not reach its conclusion before the material is extracted 
and discharged on the belt conveyor. This means that in ordinary TBM drive conditions is 
inevitable to deal with an evolutive material. 


CONDITION CONSISTENCY [hara ][_stitt ][ son | 


1.dry hard, like gravel 
+ Water 
t Mexing 


2. Le 4 gems EA soft, flowing time t 


3. old and at rest FA stiff 


Wtorlt2) = Wioilts) 
Figure 1. Phenomenological scheme or the conditioned clay behavior, from Galli & Thewes (2014). 


In scientific literature several authors focused on the behaviour of powder of clay or, anyway, 
on highly homogenized clay through a Hobart mixer (Sebastiani et al. 2017. De Oliveira et al. 
2018). 

Todaro et al. (2022) introduced a procedure that performs evaluations also on clay chips. In 
particular, the Dynamic Adhesion Test highlights the strong time dependence of the behaviour of 
conditioned clay, but no assessment about the influence of the dimensions of the chips was made. 

In this paper, the same test is applied to 3 samples of the same clay but with different chip 
size distributions conditioned in the same way to highlight the importance of the chip dimen- 
sion in the assessment of clay conditioning. 


2 MATERIALS AND METHOD 


2.1 Clay 


The natural water content has been determined accordingly to ASTM D2216-92 and its Atter- 
berg limits accordingly to ASTM D4318-17. The density of the chips has been determined 
according to ASTM D7263-21. The results are given in Table 1. 

Using the classification proposed by Hollmann & Thewes (2013), the clay is in a hard state 
as shown in Figure 2. 

Using the clay available, 3 samples with different chip size distributions have been created 
and named “Coarse”, “Medium”, and “Fine”. The chip size distributions are given in Figure 3 
while a picture of each sample is given in Figure 4 (the background mesh has a size of 1 cm). 


2.2 Conditioning 


The conditioning has been performed using a commercial conditioning agent based on sodium 
laureth sulfate, and the foam has been produced with the foam generator described by Vinai 
et al. (2008). 
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Table 1. Clay properties. 


Density y (g/cm?) 1.74 
Water content Wn (%) 6.0 
Liquid Limit LL (%) 44.0 
Plastic Limit PL (%) 22.0 
Plastic Index PI (%) 22.0 
Consistency index CI (%) 1.73 
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Figure 2. Clay classification accordingly to Hollmann & Thewes (2013). 
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Figure 3. Chip size distributions of the 3 samples. 
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Figure 4. Pictures of the samples: a — Coarse; b —- Medium; c — Fine. 


According to Todaro et al. (2022), the soil is mixed with added water and foam for 2 minutes. 
In order to highlight the effect of the chip size distribution on the result of the test, the same 
conditioning parameters have been used for each sample. These parameters are given in Table 2. 


Table 2. Conditioning parameters. 


Added water Wada (%) 30 
Liquid generator concentration Cr (%) 1.5 
Foam Expansion Ratio FER (-) 8 

Foam Injection Ratio FIR (%) 50 


Taking into account also the liquid added through foam, the overall water content is obtained 
as stated in Equation 1: 


Wrot = Wn + Wadd + ((Veampie * FIR) / FER) = 38% (1) 


In Figure 5 is given the new position of the soil on the Hollman & Thewes (2013) diagram 
obtained with the water content of Equation 1, with respect to the previous position and the 
theoretical path between the initial and final states. 

Figure 5 Clearly shows that the material should have a hard consistency before conditioning 
and a very soft consistency after, while no clogging is forecasted in the former condition and 
little clogging in the latter condition. 

No information is given about the transition between these two states. 


2.3 Test methodology 


The conditioned soils have been tested according to the procedure described by Peila et al. 
(2016). 

In this test, a metallic disk of 120 mm diameter spins inside the conditioned material at 90 rpm 
for 300 s. The conditioned material is placed in a tank in 320 mm of diameter and, through 
a metallic plate equipped with hydraulic jacks, is kept at the pressure of 0.1 MPa. During the 
test, the torque required to spin the metallic disk at constant speed is measured. 

Between the completion of the conditioning process and the beginning of the test, 5 minutes 
lapsed due to the required setup time of the test. 

A picture of the test setup is given in Figure 6. 
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Figure 5. Theoretical path on Hollmann & Thewes’ (2013) diagram. 


From simple geometric considerations, it is possible to state that the measured torque and 
the average tangential adhesion on the disk are directly proportional as given in Equation 2. 


T=t-2A-ER (2) 


where T = torque; t = average tangential adhesion; 2A = total area of the disk (upper and 
lower sides); and 2/3R =lever arm. 

Hence, all the following considerations on the torque are equally valid for the average tan- 
gential adhesion. 


3 RESULTS 


In Figure 7 the results of the test on the 3 materials are presented. 

As shown in Figure 7, the torque and the adhesion develop continuously during the test. 

For the coarse chip size, the development is very slow within the 300 s of test and reaches 
modest values. For medium chip size, the development of adhesion is maximized while fine 
chip size develops an adhesion that falls between the two other results. 

This result can be explained considering the increasing specific surface as the chip size 
decreases. In fact, as the specific surface increases, the amount of water adsorbed by the chips 
in the considered time, from the conditioning to the end of the test, increases as well, leading 
to the following situations. 

The coarse material is composed of chips internally non-conditioned in a very fluid mud. 
The mud shows a very low viscosity, and the chips, being in a solid state, contribute to the 
increase of torque mainly in an attritive way. 

The fine material adsorbs well all the conditioning agents, leading to a fairly homogeneous 
material that shows little clogging as expected using the diagram of Hollmann & Thewes (2013). 
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Figure 6. Dynamic adhesion test setup. 


The medium material adsorbs the conditioning agents less efficiently than the fine material 
due to the reduced specific surface and, during the test, falling somewhere between the two 
conditions shown in Figure 4 on the strong clogging zone. 

Those tests highlight how the difference in grain size distribution cannot be neglected in 
evaluating clogging risk. 
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Figure 7. Results of tests. 
4 CONCLUSIONS 


The scientific researches related to EPB tunnelling in clay for the assessment of clogging risk 
and clogging potential are maily focused on the characterization of a homogeneous paste of 
the studied clay. 

In the contrary, when considering the true process of excavation of an EPB, it is clear that 
the detached chips, have a decimetric size. These chips are not mixed long enough and with 
sufficient energy to form a completely homogeneous paste and the resulting material, that 
goes inside the bulk chamber, is a mix of a more or less liquid clayey mud inside which chips, 
differently hydrated in function of their dimensions, float. 
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Based on this physical consideration, a complete study of the clay conditioning for EPB 
tunnelling should consider the effect of the chip size distribution as already highlighted by 
Galli & Thewes (2014), Peila et al. (2016) and Todaro et al. (2022). 

In this research the tests carried out have followed the same procedure and used the same 
conditioning parameters on 3 samples made of the same clay, but each sample has a different 
chip size distribution. 

The results show a very different behaviour, with the coarse material being the least subject 
to clogging, the medium one the more subject to clogging, while the fine material, being homo- 
geneous, shows a very good agreement with Hollmann & Thewes (2013) abacus. 

This result is specific to the clay considered and its condition. In fact, the low clogging of 
the coarse material is due to the low natural water content. The same tests carried out on 
a clay that exhibits a strong clogging prior to conditioning would certainly lead to a different 
result and this research is underway. 

This paper highlights the necessity to consider the chip size distribution in a complete study 
for the conditioning of clayey soils. 
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ABSTRACT: The Kerenzerbergtunnel (L = 5.7 km) is part of the highway N03 connecting 
Zürich with the eastern part of Switzerland. After 37 years of operation it needs a general 
refurbishment and an upgrading to fulfill with the new safety regulations. The main adjust- 
ments include the realization of a new service tunnel, a modification of the ventilation system 
and the full refurbishment of the road tunnel. The service tunnel has a length of 5.5 km and 
will be excavated with a double shield TBM. The tunnel design follows an innovative 
approach: the tunnel acts simultaneously as a safety and ventilation gallery (double function). 
The main structural elements are realized by precast concrete elements in order to increase the 
degree of mechanization and reduce the construction time. The TBM supply is carried out by 
innovative self-driving vehicles, which don’t need any mechanical guidance thanks to their 
modern control sensors. 


1 INTRODUCTION 


The Kerenzerbergtunnel is part of the highway N03 connecting Zürich with the eastern part 
of Switzerland. The unidirectional two-lane tunnel, with a length of 5.7 km, connects the 
Swiss cantons of Glarus and St. Gallen and lies along the southern coast of the Lake Walen- 
see. The tunnel was opened to traffic in 1986. The excavation of the tunnel has been subdiv- 
ided into two parts. The excavation method of the eastern part (portal Tiefenwinkel) was 
drill&blast with a cross-sectional area of about 77 m; the western part (portal Gäsi) was 
excavated by a tunnel reaming machine in two stages (cross-sectional area of about 95 m7), 
following the excavation of a pilot gallery. The existing tunnel has neither a technical chan- 
nel below the carriageway nor a rescue gallery parallel to the tunnel. The only emergency 
exits are at both portals and through the rescue and ventilation tunnel in Hofwald 
(approx. km 2.87). 

After 37 years of operation, the existing tunnel needs a general refurbishment and an 
upgrading to fulfill with the new safety regulations. The main adjustments include the realiza- 
tion of a new service tunnel and cross passages between the existing tunnel and the road 
tunnel (according to the requirements of the Swiss Code SIA 197/2), a modification of the ven- 
tilation to a system with punctual smoke extraction every 100 m according to the requirements 
of the FEDRO Code 13001 and the full refurbishment of the road tunnel (among others, the 
adaption of the extinguishing water supply, introduction of a separated drainage system, 
demolition of the intermediate ceiling, adaption of the electromechanical equipment, renova- 
tion of the carriageway). 

The present paper focuses on different innovative aspects of the design and construction 
works of the new service tunnel to increase the degree of mechanization. 
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2 GEOLOGICAL AND HYDROGEOLOGICAL CONDITIONS 


The new service tunnel, with an overburden between 50 and 300 m, is located in the rock for- 
mations of the Mürtschen Cover und Glarner Cover. The alignment can be divided into four 
main geological sections: 


— Section | Gäsi — Salleren: mainly thin to thickly bedded compact limestones with marls in 
between. The stratification is generally flat, sometimes horizontal. There are several vertical 
faults. 

An increased risk of karst phenomena is expected in this section, and the rock can be con- 
taminated with geogenic arsenic. 

— Section 2 Salleren — Mihlehorn: this section lies entirely in the so-called Sallerenbrekzien- 
zone, which is tectonically stressed. 

The cataclastic rock is partly strongly disturbed and has a low stability. Increased water 
inflow is to be expected. 

— Section 3 Mihlehorn — Tiefenwinkel: this section consists of the Quinten Formation. These are 
flat mostly massive, coarsely banked, quite intact Quinter-Limestones. In some cases, these can 
be locally very fractured. The fissures are filled with clay and run in different directions. 

— Section 4 Tiefenwinkel: The limestone in this section is similar to the section 3, but strongly 
shattered and very intensively fractured. It was interpreted as an actual interference zone. 
The fissures are filled with clay. 
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Figure 2. Geological profile (CSD Ingenieure, 2018, Geological profile, Tender Phase). 


3 DESIGN OF THE STANDARD CROSS SECTION 


The design of the service tunnel follows an innovative approach: the tunnel acts simultan- 
eously as a safety and ventilation gallery (double function). The section of the tunnel is divided 
in an upper and a lower part by a precast concrete technical channel (Figure 4). The upper 
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part, with an aerodynamical free surface of 13.2 m7, acts as ventilation duct for the extraction 
of exhausted air and smoke gases and is connected to the main tunnel every 100 m by small 
ventilation cross adits. The lower part of the gallery acts as maintenance and rescue zone and 
is connected to the main tunnel every 300 m with standard cross passages. This lower part has 
a clearance profile of 2.00 m x 2.50 m (width x height) which consists of the minimal clearance 
profile defined by the Swiss Code SIA 197/2 for the rescue zones of a safety gallery or safety 
channel. This lower channel also houses all the cable trays and other equipment for the power 
supply of the cross passages and the underground technical buildings. Both the lower and 
upper part of the gallery are transitable only by small special vehicles. 

Due to the final requirements of the tunnel, a single shell lining was chosen. The concept of the 
subdivision of the section in two parts and the chosen lining led to a circular profile with an exca- 
vation diameter of 7.1 m. The tunnel lining consists of precast concrete segmental elements with 
a thickness of 25 cm and a width of 1.65 m (Figure 3). As the lower segments act as support of 
the precast technical channel and the invert acts as roadway of the rescue zone and includes the 
main drainage of the tunnel, a rhomboid/trapezoidal segment system with a rectangular invert 
segment has been chosen. The segments are reinforced with steel-fibers. Due to the fire protection 
requirements, polypropylene fibers are added to the concrete mixture (dosage 2 kg/m*). This can 
prevent spalling phenomena of the concrete structure in the event of fire or high temperatures. 


Figure 3. Schematic 3D-view of the segmental lining. 


The technical channel, which separates the lower and upper part of the tunnel, is also made 
by precast concrete elements. The elements have a thickness of 25 cm, a length of 2.475 m and 
are reinforced by standard reinforcement rebars. They are backfilled with gravel. Above the 
technical channel elements there is a concrete slab which serves as carriageway and fire protec- 
tion for the technical channel. 

The precast concrete structural elements of the tunnel allow a high degree of mechanization 
and reduce the construction time. 
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4 ALIGNMENT AND LAYOUT OF THE TUNNELSYSTEM 


The new service tunnel will be built at a distance of around 20-25 m parallel to the existing 
road tunnel and has a total length of 5'504 m between the west portal in Gäsi and the east 
portal in Tiefenwinkel. In the middle of the tunnel, the service gallery by-passes the existing 
ventilation cavern of Hofwald with a maximum distance to the road tunnel of approx. 
65 m and it crosses the existing escape and ventilation gallery. 
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Figure 4. Standard cross section of the service tunnel. 


Due to the challenging geological conditions encountered at the eastern portal during the 
construction of the road tunnel in the 80’s, the east portal of the new service tunnel will not be 
placed next to the road tunnel portal. Instead, the new eastern portal will be placed next to the 
cantonal road Kerenzerbergstrasse in an area called Tiefenwinkel. 

Decisive for the layout of the tunnel system of the service tunnel is the new ventilation 
system for the road tunnel. The new ventilation system will consist of a longitudinal system 
with punctual aspiration of the exhausted air and smoke gases. Fresh air will be provided 
through jet fans at the portals as long as the piston effect is not sufficient. As the suspended 
ceiling of the road tunnel will be demolished during the refurbishment works, the punctual 
aspiration of the smoke gases will be done via small ventilation cross adits placed every 
100 m. The cross adits and the driving space are separated by exhausting flaps. These flaps 
can be actioned individually in case of a fire event, in order to extract the smoke gases only in 
a specific tunnel section. For the lower part of the service tunnel, which is the evacuation 
route, an overpressure is generated at the portals by additional fans. 
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The service tunnel is thus connected to the existing road tunnel every 100 m by small venti- 
lation adits (52 in total) and every 300 m by cross passages (20 in total). The ventilation adits 
(Figure 5) and the cross passages have a length of approximately 20 — 25 m and a cross- 
sectional area of about 5.2 m” and 11.5 m° respectively. There is no equipment installed inside 
the ventilation cross adits. Electromechanical equipment is installed inside the cross passages. 

The main jet fans and all related equipment are installed in the west portal in the technical 
and ventilation building Gasi and on the eastern side in the technical and ventilation cavern 
Tiefenwinkel, which is located underground about 200 m from the eastern portal. The tech- 
nical cavern Tiefenwinkel is located 150 m below ground level and it’s connected to the surface 
by a vertical shaft. The shaft has an excavation diameter of 4.5 m and the ventilation cavern 
has a cross-sectional area of around 180 m’. 
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Figure 5. Longitudinal section of the ventilation adit. 


Additionally, the project includes two new underground technical caverns (Figure 6) for 
equipment and for the power supply of the service tunnel (called Unterzentrale West and 
Unterzentrale Ost) and the refurbishment of the existing underground ventilation cavern Hof- 
wald in the middle of the tunnel. The new caverns have a cross-sectional area of around 
170 m’. All caverns are excavated by drill&blast method and the lining is a classic system con- 
sisting of a primary lining of shotcrete and rock bolts, a waterproofed sealing system and 
a cast-in-place concrete inner lining. 


5 EXCAVATION METHODS AND CONSTRUCTION LOGISTICS 


5.1 Service tunnel 


The main advancing is carried out by means of a double shield TBM (TBM-DS). Due to the 
tight overall schedule, the length of the tunnel and the undesirable vibrations (disturbance of 
road tunnel operation), blasting as the main advancing method was judged to be impractical. 
Further because of the unfavorable geological conditions in the approx. 2 km long middle sec- 
tion (Salleren-Miihlehorn), where a strongly fractured rock behaviour was expected, advan- 
cing with an open gripper TBM was ruled out. 

Due to the risk of encountering karst (which has been encountered during the construction 
of the existing road tunnel and during the field investigations) and thus correlated construc- 
tional difficulties (subsidence of the TBM head, silting, blockage, instability of the lining seg- 
ment, etc.) in the start-up phase of the TBM, it was decided to excavate the first 250 m of the 
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Figure 6. 3D Model of the technical underground cavern west. 


service gallery with drill&blast method in order to be able to overcome the suspected karst 
zone in a more flexible way. 

The double shield TBM has been assembled at the portal Gasi and moved through the con- 
ventionally excavated tunnel section to the starting point. 

Main features of the TBM: 


— Diameter: 7.1 m 

— Length: 13.1 m 

— Thrust force: 31’220 kN (DS-Modus), 62’650 kN (S-Modus) 
— Weight: approx. 770 t 

— Number of disc cutters: 44 


The TBM supply (as for example the prefabricated segmental elements and the material for 
the backfilling of the segmental ring) is carried out by innovative self-driving vehicles (auto- 
mated service vehicles). The electrical vehicles with bi-directional cabin don’t need any mech- 
anical guidance thanks to their modern control sensors (Figure 7). 


5.2 Ventilation cross adits and cross passages 


The ventilation cross adits and cross passages are excavated in the back-up area of the TBM- 
DS by drill and blast. They are excavated first by securing the segmental lining with rock 
bolts, cutting the segmental lining with a cutting machine and then excavating the adit or 
cross passage itself by drill and blast. In order to avoid to interfere with the logistic of the 
main excavation, the excavation of the ventilation adits is carried out from specials working 
platforms (Figure 8). 

Then, the cross passages and ventilation adits are excavated until the existing road tunnel is 
in close proximity. The breakthrough and finalization will take place later from the road 
tunnel during the refurbishment works. 

Due to the high number of ventilation adits/cross passages, an optimized process was 
planned so that the securing works and construction sequences always remain the same and 
thus the construction time can be reduced. This begins with the determination of the axis of 
the ventilation adits/cross passages: the coordinates are only determined during execution 
depending on the effective segment joints, so that always three whole segment rings are cut. 
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Figure 8. Working platform for the excavation of the ventilation adits. 


The segments are secured by systematic anchoring (Figure 9). The systematic anchoring could 
be further optimized by considering the connecting elements between the segments and rings 
(adjusting elements and shear dowels). In the confluence area with the service tunnel, two 
types of lining are planned, which are used depending on the existing geology. Thanks to the 
close cooperation with the geologist, who continuously examines and assesses the geology, the 
type of lining can be promptly determined. 

These constant work steps allow an optimized construction time. 
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Figure 9. Ventilation adit. 


5.3 Internal construction and technical channel elements 


The technical channel elements are prefabricated and delivered to the construction site. The 
element length is a multiple of the segment length: 2 technical channel elements lie on 3 seg- 
ment elements. In addition to the standard element, two “special elements” were also manu- 
factured: the 1/3-element, which is a third of the length, and the fitting element, which is 2 cm 
shorter than the standard element. With the 1/3-elements, the different section lengths between 
the cross passages can be managed, as distances of one segment or half a segment can be 
bridged with them. The fitting elements, on the other hand, compensate the laying tolerances 
of the segment rings. With these three element types, the technical channel can be prefabri- 
cated in the entire service tunnel and no walls concreted on site are required. 

The segmental elements B1 and B2 (Figure 3) already have the support cams for the tech- 
nical channel elements and are dimensioned for them. 


5.4 Annex structures 


The remaining annex structures (technical and ventilation caverns) are excavated in the back- 
up area of the TBM-DS by drill and blast. 

The shaft Tiefenwinkel, with a depth of nearly 150 m, has been excavated by raise-drill- 
boring. The pilot borehole was drilled with a diameter of 35 cm, after which the borehole was 
expanded to a diameter of 4.5 m. 

The main installation site is located near the Gasi portal (total surface approx. 53’000 m°). 
The precast segmental elements and the precast channel elements are produced in Austria and 
in southern Germany (Steisslingen) respectively. The just in time delivery to the construction 
site is by truck. The storage area on the construction site for the precast segmental elements is 
about 5’000 m”. 


6 CONSTRUCTION PHASE 
From February 2020 to August 2021, the preparatory works at the portal Gasi were executed 


(preparation of the construction site and the temporary site roads and the execution of the 
pre-cut Gasi). From July 2020 to April 2021, the first tunnel section of 250 m was excavated. 
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In a second step and after the assembly of the TBM-DS, the main excavation (5000 m) started 
in June 2021 and was completed after 15 months by the end of September 2022. While the 
overall average advance rate is ca. 19 m/day, a maximum advance rate of 39.7 m per day was 
achieved (with two shifts per day). The conventional excavation of the ancillary structures 
should be completed by April 2023. 

Currently, the concrete works of the underground caverns and the insertion of the technical 
channel elements are in progress. Construction of the ventilation building at the portal Gasi 
will begin in the summer of 2023. The works on the main lot will conclude in Autumn 2024. 

The construction works at the portal Tiefenwinkel are part of a separated lot which started 
in February 2020 and finished in August 2022. The realization of the section Tiefenwinkel 
(including the technical and ventilation caverns) with a length of about 250 m was executed 
between June 2020 and June 2021. The excavation of the shaft was realized between June 2021 
and August 2021. 


7 OUTLOOK 

The construction works for the new service tunnel are planned to be finished by the fall of 
2024. Subsequently, the existing road tunnel will be refurbished, and the electromechanical 
equipment will be installed in the new service tunnel. 


The commissioning of the new Kerenzerberg Tunnel including the service tunnel is planned 
for 2027. 
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ABSTRACT: During EPB shield tunnelling, clogging potential could be rather high in soils 
with high plasticity and at certain consistencies. If not mitigated, clogged material needs to be 
removed by sending workers inside the soil chamber, which is costly, potentially dangerous 
and time consuming. A simple methodology, which can be performed in the lab and on the 
jobsite, is needed to monitor clogging potential and adapt the soil conditioning scheme to chan- 
ging soil conditions during the tunnel drive. This study introduces a clogging potential assess- 
ment device modified from the ATUR device and using an apparatus attached to a regular 
flow table. The device is straightforward and easy to build, as well as the simplicity of the 
method itself. Thus, the methodology described in this study can be adopted, repeated, and 
verified by engineers and scholars around the world. This article includes preliminary results of 
some tests, investigating the influence of water content and device weight. 


1 INTRODUCTION 


EPB (earth pressure balanced) shield tunnelling is widely used in the construction of metro, 
drainage and railway tunnels. With more EPB shield tunnels built, the application scope of 
EPB shields has widened (Herrenknecht et al. 2011). When tunnelling in soils with high plastic 
limits, the excavated soil may stick to the cutters, bulkhead or the screw conveyor, and the 
whole tunnelling efficiency will be reduced (Peila et al. 2013, Thewes & Hollmann et al. 2015, 
Peila et al. 2016, Oliveira et al. 2019, Chen et al. 2022). Besides, the clogged soil will make 
tunnel face pressure control harder, as the opening ratio of the cutterhead will be reduced and 
the transport efficiency of the screw conveyor will be reduced. When the face pressure is diffi- 
cult to control, a low face pressure may lead to excessive surface settlement and a high face 
pressure may make the clogging problem even more serious. 

An efficient way of reducing the risk of clogging is soil conditioning, which is applied by 
injecting chemical additives such as foam, dispersant and polymer at the cutterhead, inside the 
soil chamber and at the screw conveyor. With a suitable soil conditioning scheme, the condi- 
tioned soil can have a low permeability, suitable compressibility, consistency and flowability 
(Bezuijen et al. 2006, Thewes & Budach 2010, Thewes et al. 2012, Bezuijen et al. 2020). Thus, 
the clogging potential assessment method study taking soil conditioning into consideration 
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has drawn attention of many scholars (Peila et al. 2016, Oliveira et al. 2019, Wang et al. 2020). 
This paper proposed a new clogging assessment methodology based on a flow table and mixing 
combined test. 


2 CURRENT CLOGGING POTENTIAL EVALUATION METHODS 


One of the earliest systematic clogging potential evaluation methods is proposed by Thewes 
(1999). The method is based on plasticity and consistency index and can be used in slurry 
shields. The consistency index can be calculated as follows, 


WL- W 


EAE ae 
C W,- We 


(1) 


where Wz is liquid limit, W is water content and Wp is plastic limit. A universal clogging poten- 
tial evaluation method was later proposed by Hollmann & Thewes (2012, 2013), based on jobsite 
tunnelling data. The universal diagram is based on water content, plasticity and consistency and 
can be used in all shields. 

Many scholars tried to evaluate clogging by measuring the mechanical properties of soils. Sass 
& Burbaum (2009) studied clogging by measuring adhesion stress by piston pullout tests. Feinen- 
degen et al. (2011) designed a cone pullout test device and a clogging assessment method is pro- 
posed based on the adhesion measured. Wang et al. (2020) studied clogging by performing 
pressurized plate shear tests. It was found that the clogging potential can be reduced by reducing 
the tangential adhesion stress of conditioned soils. Barzegari et al. (2020) proved the feasibility of 
the universal clogging assessment diagram by performing piston pullout tests and modified direct 
shear tests. 

Other scholars provided more straightforward clogging potential assessment solutions by 
performing mixing tests and bringing up empirical parameters. Zumsteg & Puzrin (2012) pro- 
posed a simple clogging assessment method based on the empirical stickiness ratio 2 which is 
obtained from the Hobart® mixing machine. The parameter can be calculated as follows, 


Gur 
A= 2 
Gror (2) 


where Gmr is the weight of soil sticking to the mixer, Gror is the total soil weight. Oliveira et al. 
(2018, 2019) modified the stickiness ratio by adding a free drop procedure after the mixer machine 
tests. The free drop procedure with a device named ATUR was found useful to distinguish 
between real clogging and soils that stick to the mixer but can be easily removed. Oliveira et al. 
(2022) recently showed how the ATUR device works to estimate natural soils, correlating the 
results with real experience in TBM drives, in Singapore. 

The laboratory tunnelling tests performed by Chen et al. (2022) proved the feasibility of the 
modified stickiness ratio. Kang et al. (2022) proposed the clogging assessment index W/A,, 
which is the weight of soil stuck on the beater per unit contact area, it is found the new index 
is reliable because it is less influenced by soil weight and mixer size. 


3 THE CLOGGING ASSESSMENT DEVICE DEMAND ON JOB SITE 


Although soil conditioning is found efficient on reducing the clogging potential, clogging may 
still occur during the EPB shield tunnelling process due to the lack of experience of shield 
machine drivers and changes in the geological conditions. The Guangzhou metro tunneled 
through completely decomposed granite and the Shenzhen metro tunneled through strong 
completely decomposed granite. The kaolinite contents of complete decomposed granite and 
strong decomposed granite are around 45% and 38%, respectively, serious clogging happens 
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in both projects, as shown in Figure 1. During chamber opening, part of the clogged soil at 
the cutterhead is removed and the mineral content is tested, it is found the kaolin content of 
the clogged soil is only 36.3%. It shows that despite the fact the clay content of the excavated 
soil is low, serious clogging may still occur if not treated well. 


Figure 1. Clogging at cutterheads when tunneling in: completely decomposed granite (left); strong 
decomposed granite (right). 


The unexpected clogging in these two projects indicate that a clogging potential assessment 
device on a jobsite could help recognize clogging potential, being helpful to improve shield 
tunnel operations. Such a device at jobsite can help drivers to modify soil conditioning scheme 
timely. For conditions that the clogging potential of discharged soil is moderate or even low 
while the tunnelling parameters changed badly, the operation of the shield machine should be 
carefully checked. 

The simple mixing test seems to be the most suitable test that can meet the in-situ demand. 
The basic stickness ratio first proposed by Zumsteg & Puzrin (2012) helped researchers in 
clogging area to bring attention to the mixing tests, yet it has the limitation of distinguish real 
clogging. The extra ATUR device proposed by Oliveira et al. (2019) can find real clogging, 
still has limitations to be built and was not, yet, fully standardized. A simpler device with 
a standardized impact during the free-falling process can be helpful to make it more conveni- 
ent for in-situ work. The index WIA. proposed by Kang et al. (2022) has the potential to be 
widely used as it is found to be quite reproducible, yet the index is not checked in conditioned 
soil, where the distinguish of real clogging is important. 


4 PROPOSED METHODOLOGY 


A new methodology is proposed. An aluminum base was designed, which can be fixed to 
a flow table device, as shown in Figure 2. The aluminum base has a diameter of 30 cm and 
thickness of 0.5 cm. Eight extra iron weights with length 7 cm, width 4 cm height 0.6 cm and 
weight 225 g can be installed on the aluminum base through screws. The total weight of the 
aluminum base and eight iron weights equals the weight of the steel base with the same dimen- 
sions. The mixing tool can be installed on the screw in the middle of the aluminum base. The 
whole base is fixed to the flow table by four clips. 

All tested soil samples are assembled from dried soil powders, the soil powders are first 
mixed in dry condition then the desired amount of water is added and mixed with soil for 3 
min. The soil samples were sealed for 24 h to make sure water content is homogeneous and 
the target Ic is reached. The soil is then filled in the mixing bowl as lumps and the mixing 
machine starts mixing at a rotation speed of 100 rpm for 3 min. The weight of the soil at the 
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Figure 2. The proposed new clogging assessment device. 


beginning of the mixing test was always 500 g in this study. After mixing test, the mixing tool 
was then carefully removed, measuring the stuck soil weight. The flow table test starts after 
installing the mixing tool to the screw on the aluminum base. The stuck soil weights after 5, 
10, 15, 20 and 25 times impacts over 1.5 cm by the flow table are then recorded. The flow 
table allows a well-controlled impact. This is an advantage compared to other devices. 

The soil tested is kaolinite with liquid and plastic limits at 35.1% and 15.3 %, respectively. 
The tested consistency indexes were 1.05, 0.95, 0.8, 0.7, 0.55 and 0.45, following the sugges- 
tions of Oliveira et al. (2019), as shown in Figure 3. The consistency indexes in Figure 3 are 
obtained from the clogging potential assessment chart brought up by Hollmann & Thewes 
(2012), the positions of the soil samples tested are shown in Figure 4. 


Ic Target Points for Ic Boundaries! for Changes in Main Clogging Areas 
Calibration the Clogging Potential Universal Clogging Chart* 


Figure 3. Consistency index of soils tested (Oliveira et al., 2019). 


5 PRELIMINARY TEST RESULTS 
The weight of soil stuck to the mixer blades after the mixing tests is shown in Figure 5. It shows 


that the weight of soil stuck follows the tendency found in previous studies, soils trend to stick to 
the mixing tools with Ic between 0.55 to 0.75 and very limited soil stuck to the cutters with Ic 
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Figure 4. Tested soil sample positions on universal clogging assessment diagram (Hollmann & Thewes 
2012). 


higher than 1. Figure 5 shows the weights of soil stuck at Ic 0.45 and 0.8 are also quite high after 
the mixing tests, additional methodology is needed to distinguish the real stuck soil. Figure 5 
shows clearly that after 25 times of impacts, the difference of weight stuck is clearer for soils with 
Ics 0.45 to 0.8. 
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Figure 5. Weight of soil stuck with different Ics. 


In order to obtain a clearer analysis based on current data, a stickiness percentage Ax is 
brought up, following the concept of the stickiness ratio (Zumsteg & Purzin, 2012; Oliveira 
et al., 2019). The A, can be calculated as follows, 
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x= ours x 100 (3) 


TOT 


where Gmrx is the weight of soil sticking to the mixer after x times of impact, Gror is the total 
soil weight. The percentage versus impact time is shown in Figure 6. It shows that for soils with 
relatively high Ics, the weight of soil stuck will decrease at the first 5 times of impacts, indicat- 
ing that the stuck soils can be easily removed. For soil with Jc 0.8, the soils are gradually 
removed with the increasing number of impacts. For soils with high clogging potential Ic (0.5 
to 0.75), Figure 6 shows that seldom soils are removed at the first 10 impacts and after 25 
impacts over 60% of soil remain stuck. For soils with Jc 0.45, also seldom soils are removed. 
However, this is because soils with low consistency index have high flowability, although the 
soils are not removed from the mixer, they already flow on the mixer, as shown in Figure 7. 
Besides, the slope of the Jc 0.45 line in Figure 6 also shows that the soils can be removed from 
the mixer with ease. 
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Figure 6. 2x versus impact times. 


One of the major hypothetical advantages of the device mentioned in this paper is its poten- 
tial to be standardized. To verify this potential, impact tests are performed with different extra 
weights, 0 pieces, 4 pieces (900 g) and 8 pieces (1800 g). The results in Figure 8 shows that the 
extra weights on the flow table accelerates the falling off procedure of the stuck soil. The influ- 
ence of extra weights is small. Some influence can be seen for soils with Jc 0.45 due to their 
high flowability, while for other soils, the influence is hardly noticeable. 


6 CONCLUSIONS AND DISCUSSIONS 


This paper analyzed the clogging potential assessment device demand at jobsite and introduced 
a new methodology, which is supposed to meet this demand. The proposed methodology simu- 
lates clogging by mixing tests and distinguish real clogging by fixing mixing tool on the flow 
table. The test results show that the proposed methodology can distinguish real clogged soil by 
the impacts made by flow table operation. The results with extra weights show that the extra 
weights help to remove soil from the mixing tool, and their influence is controllable, thus the 
proposed methodology is quite reproducible. 
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Figure 7. Stuck soils on mixer after 5 impacts: left Ic 0.45 right Ic 0.55. 
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Figure 8. 2, versus impact times with different extra weights. 


With more tests performed in the future, a modified stickiness percentage based clogging 
potential assessment method can be expected. This method evaluates clogging potential by 
measuring soil percentage remained at the mixer after 25 times of flow table impacts. The 
results in this paper show that this expected method could be universal, as the impact of flow 
table is fixed due to the controllable influence of device weight. More tests will be performed 
with more clay, sand-mixed artificial clay and chemical additives added. 
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ABSTRACT: Sometimes the retrieval procedure of the TBM after finishing the drive cannot 
be the typical vertical shaft extraction; the boundary conditions of the project (schedule, over- 
lapping of activities and/or lack of space among others) may require a different solution. The 
case presented describes the solution adopted in a metro project where the TBM shield is left 
buried and becomes a part of the tunnel final lining. To make this possible, a chamber is exca- 
vated to disassemble the cutterhead and to recover the main drive, while the rest of the TBM 
and back-up system are brought back to the launch point through the already built tunnel. 
Besides, the TBM does not make a conventional breakthrough, but the rotary head and part 
of the shield are embedded in a block of ground that has previously been improved with ultra- 
fine cement injections. By means of conventional excavation performed from one side of the 
chamber, the rotary head is reached and released to proceed with its removal. 


1 INTRODUCTION 


As it occurs with the launching, the retrieval of the TBM must also be studied and analysed from 
the early stages of the project, not only from a logistics point of view but also from the engineering 
one in order to set the needs for the removal operation. Once the works have ended, the process 
usually requires of a shaft in dense urban areas for the dismantling of the TBM. However, the 
dismantling varies from the typical sometimes. In some cases, the dismantling is totally different 
from what was initially planned, and in rare instances, it simply does not take place and the whole 
TBM is left buried in the ground. There are some examples of this latter case in striking places. 

This paper also focuses in a case of a buried TBM (a partially buried one, that is), and it 
addresses the works undertaken to bury the shield and removing the main parts of the EPB. 
The mentioned TBM was part of the set of eight EPBs involved in the construction of the Red 
Line LRT project of Tel Aviv (Israel), which tunnels outer diameter is 7.2 m. 


2 BRIEF DESCRIPTION OF THE CONTEXT 


2.1 Arrival chamber 


The TBM was launched from the so-called Chamber 2/8 (name given by the two axes of the 
alignment converging to it) and after boring a distance of 350 m following a curve of radius 
155 m arrived to the retrieval shaft, the so-called Chamber 5/8. This part of the project is one 
end of the metro line and leads to the depot. Figure 1 shows this described layout. 
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Chamber 5/8 is a shaft with two tunnels reaching the south headwall and a third tunnel 
added later to the east shaft side. To that effect, an opening 26.1 m wide and 6.1 m high was 
cut in the 1.20 m thick diaphragm wall. Previously, a ground treatment was done at the extra- 
dos block of soil to excavate the 8.15 m tall TBM’s arrival niche. As can be seen in Figure 2, 
the niche has variable cross section (from 2.05 to 7.45 m wide) and its invert and crown 
embedded in the diaphragm wall cut. 
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Figure 1. Layout of Axis 8. 


Figure 2. Plan view of the niche attached to the east side of the shaft. 


The ground improvement for the niche construction consisted in the consolidation of 
a volume of about 5500 m3 of terrain. The injection was performed through 147 points 
installed in the east diaphragm wall of Chamber 5/8 and 940 m3 of grout were employed, 
which was a very challenging and labour-intensive task. 

The niche was executed by conventional excavation. The opening had previously been done 
in the diaphragm wall (see Figure 3); opening that was done staggered, as the excavation and 
support of the niche progressed. In addition, this niche is located under a major highway of 
the metropolitan area, in a geotechnical context corresponding to loose sandy soil under the 
groundwater table; for this reason the ground treatment was performed. 

The deviation between the third tunnel (Axis 8) and the side slurry wall is 14.8°. This fact, 
together with the heavy reinforcement of the diaphragm wall, and the uncertainty of the real 
behaviour of the slurry wall and associated beams under the action of the TBM, made the 
conventional breakthrough directly into the chamber to be rejected. Therefore, the niche was 
intended to give access to Axis 8 to Depot, but also to allow the TBM to break out. 
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Figure 3. Opening the window in the diaphragm wall. 


2.2 Change in the TBM arrival solution 


Originally the TBM had to break-out in a conventional way (but using the niche), as it had 
been done in previous shafts and with other EPBs of the project. However, due to construc- 
tion constraints, in order to avoid significant delays in the works and therefore major impacts 
in the overall schedule of the project, it was necessary to evaluate different options for the last 
TBM receiving. After the ground improvement, the construction of the niche attached to the 
Chamber 5/8 was realised using conventional methods (top heading-bench-invert excavation 
sequence, light excavation equipment, shotcrete with steel welded mesh, etc.). 

Waiting for the completion of the niche to receive and remove the TBM before starting the 
construction of the inner structure of the station would cause a major impact in the overall sched- 
ule of the project. To avoid this delay, the TBM would bore the tunnel at the same time the niche 
was being built and works also began on the station. In such scenario, the TBM would be par- 
tially buried to allow independent progress of the shaft and niche works. The TBM reached its 
end position before full completion of the niche and stopped, before breakout, 0.80 m behind the 
south wall of the niche. At the time of the arrival of the TBM, the niche only had the temporary 
shotcrete lining. The wall that separated the TBM from the niche, a temporary structure, was per- 
pendicular to the tunnel axis and it was to be demolished to allow the cutterhead release and sub- 
sequent dismantling. This temporary wall corresponded to the primary lining configuration of the 
niche, that is, 0.40 m of shotcrete with two layers of steel welded mesh O12. 


2.3 Preparatory works in the niche 


In order to strengthen and reduce the permeability of the area where the cutterhead had to be 
dismantled, ultrafine cement injections were performed using the same permeation grouting 
technique and ultrafine Spinor A6 based grouts as in the improvement of the niche volume. 
Since it was not possible from the shaft due to lack of face access, this part of the ground 
treatment was conducted from inside the niche through 23 boreholes located at the temporary 
wall (see Figure 4). The thickness grouted behind the temporary wall was 4 metres to ensure 
that cutterhead final location would be within a treated area. Figure 5 shows the cutterhead 
after demolishing the wall to reach the TBM. 

The improvement of the ground was also carried out from inside the shield. The annular gap 
around the shield was grouted with cement grouts by using the shield bentonite system inte- 
grated by a total of 12 pipes distributed between the front shield and the tail shield. The sealing 
was completed by secondary grouting of the last three rings using the grouting sockets of the 
segments. Once the grouting works were completed four probe drills at the temporary wall were 
carried out from inside the niche to check the suitability of this part of the treatment. 

With the terrain stability ensured around the contour of the EPB, a mini excavator fitted 
with a hydraulic hammer, from the niche, proceeded to the excavation that would release the 
cutting head, making it accessible for disassembly. While digging around the cutterhead, 
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Figures 4 & 5. On the left, view of the front grouted at the niche that was excavated to gain access to 
the cutterhead and dismantling the EPB. Picture on the right, starting the cutting works of the cutterhead 
once it was released. 


a temporary support similar to the primary lining of the niche was installed. Once the cutter- 
head was completely uncovered it was cut in small pieces. The dimensions of the window 
opened in the slurry wall during the construction of the niche made it necessary to cut the 
cutterhead in order to remove it from inside the niche. The pieces were extracted with the aid 
of the boom of a large excavator placed on the shaft side; such excavator had also been used 
for the clearing of the inside of the niche. The sequence of dismantling of the TBM was: 


— Preparatory works in the niche. 

— Removal of walkways, cables, pipes, etc. 

— Removal of the thrust cylinders. 

— Towing of gantries. 

— Dismantling of the screw conveyor. 

— Dismantling and cutting of the cutterhead. 

— Dismantling of the segment erector and the support frame. 
— Removal of the main drive. 


This sequence is described in paragraphs below and is also shown in Figure 6. 
3 DISMANTLING THE TBM IN THE TUNNEL 


3.1 Removing the thrust cylinders 


TBM gantries and all equipment and systems inside the shield were removed, but the shield shell 
itself was retained to form part of the final lining of the Axis 8 tunnel. The first elements removed 
were the thrust cylinders. For safety reasons the erector of the EPB was used to remove them. 
This operation was done before disconnecting the TBM’s back-up and pulling-back the gantries 
along the tunnel. To remove the thrust cylinders, the erector was fitted with a special device to 
hold them. The erector was aligned to each cylinder; once the cylinder slung in the erector device 
the shield connection of the cylinder could be cut with safety and the cylinder be removed from its 
holder. With the cylinder free, the segment erector transferred the cylinder to the end of the seg- 
ment feeder, which, in turn, transferred the cylinder towards the back-up. At the back-up the 
thrust cylinders, which are heavy pieces, were loaded in a train flat car, by means of the back-up 
segments crane. The train transported the cylinders to the launching shaft. The next step was the 
dismantling of the back-up equipment. To save time, but especially to avoid more interference 
than necessary with the works of the inner structure of the station, the back-up was returned to 
the launching shaft for its removal. For this, the back-up, composed of 10 gantries, was divided in 
two parts at gantries 4 and 5, and each of these parts towed by the locomotive up to the shaft. 


3.2 Dismantling and lifting the screw conveyor 


Removing the screw conveyor inside the tunnel also had its peculiarities. Because the screw 
conveyor is about 15 m long, it cannot be lifted with a crane as is normally the case outside 
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Phase Ia: Lifting Screw Conveyor by means of trestle and four 101 Phase Ib: Screw Conveyor pull out through tunnel using two mick 
cham blocks. car platforms 


Phase 2a: Lifting Cutter Head center part of 40 t of werght, by 
means of two cham blocks of 30 1 capacity and three of lifting eyes 
of 50 t capacity welded to the shield 


Phase 2b: Land Cutter Head center part on the Noor of the niche on 
steel plates 
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Phase 3a: Lifting Segment Erector, 38 t picce, using four lifting Phase Jb: Segment Erector lifted and deposited in a segment car 
lugs welded in the tail skin and four 10 t chain blocks. platform for being pulled back through the tunnel 


Phase 4b: Removal of Main Drive Unit through the niche by same 
transport trolley made of steel beams used for the heaviest part uf 
the cutter head. 


Phase 4a: Lifting and then rotate Mam Drive Unit using four $0 t 
block chams. 


Figure 6. TBM dismantling sequence. 


the tunnel. Thus, for lifting and pulling out the screw conveyor, a special steel structure (a 
trestle) was designed and manufactured; this can be seen in Figure 7. The structure was assem- 
bled based on 180 I-beams, and installed on a muck car platform. In fact, a composition of 
two muck car platforms were used in this stage of the activities. 

In a first step of this dismantling process stage, the screw conveyor was lifted out 3 m using 
four 10 t chain blocks. A first chain block connected the front of the screw conveyor with the 
support frame of the EPB. Other two chain blocks were connected to respective lifting lugs 
welded on the middle of the screw conveyor and the tail skin (Figure 7). The fourth chain block 
was used to connect the lifting lug on the steel trestle and the back of the screw conveyor. With 
such configuration, a first movement of the screw was carried out. In the next step, a second steel 
trestle was assembled in another muck car platform and six 10 t block chains were used. One 
chain connected the midpoint of the screw conveyor to the support frame. Another chain con- 
nected the lifting lug welded on the tail skin and the midpoint, and three more chains were used to 
connect the front of the trestle to the screw. The remaining chain was used to connect the lug 
welded on the trestle to the back of the screw. In this step the screw conveyor was completely 
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removed to be placed horizontally on the two muck car platform composition, secured by the 
hand chain hoist to both trestles, to be transported along the tunnel up to the launching shaft. 


Figure 7. a & b. Removing the screw conveyor from inside the EPB. On the right, returning the screw 
conveyor along the tunnel to the retrieval shaft with the trestle. 


3.3 Dismantling the cutterhead 


The cutting of the cutterhead has already been mentioned above, although strictly speaking, 
the cutterhead was placed in the dismantling sequence after the screw conveyor. Once some of 
the cutter disks were removed, the cutterhead itself was cut into five pieces to facilitate the 
extraction from the tunnel through the niche. 

The four smaller pieces were from the outer edge of the wheel. For a safe and easy removal of 
such pieces, the cutterhead would rotate so that the pre-cutting of each piece was completed at the 
bottom. The fifth part is the centre part of the cutter wheel and this was the heaviest one with 
a weight of 40 t (see Figure 8). In order to fulfil this part of the dismantling three sets of lifting 
eyes were welded on the inner side of the shield. Each one of the lifting eyes was designed for a 50 
t capacity. In the removal of the fifth part, two chain blocks of 30 t capacity were used for the 
lifting manoeuvre. The cut piece was first laid on the floor of the niche on steel plates. Another 
new special steel structure was designed and used to remove this part from the niche. A 500 
t mobile crane placed outside the shaft, on the surface, made the final lifting out of Chamber 5/8. 


3.4 Dismantling the segment erector, the support frame and other smaller parts 


With the screw conveyor and the cutterhead removed, it was time for the segment erector, 
a 38 t piece. The removal of this piece was carried out using four lifting lugs welded on the 
tail skin and four 10 t chain blocks. Once the segment erector was secured and its connec- 
tion bolts removed, the element was lifted and deposited in a segment car platform to be 
pulled back through the tunnel up to the launching shaft (Chamber 2/8). This car platform 
was fitted with a bracket structure. In turn, the disassembly of the support frame of the 
shield was undertaken in a similar way to the segment erector, i.e. using tail skin lifting 
lugs and four 10 t block chains to lift it up a short distance and then rotate it 90 ° to place 
it laying horizontally on the segment cars. The main drive engines, gear reducers, man lock 
(main chamber and pre-chamber) and the articulation cylinders are small parts inside the 
TBM shield, therefore their removal with the block chains and the lifting lugs presented no 
major issue. 


3.5 Last step: The main drive 


Before starting the removal of the main drive, and in order to have enough space to weld the 
necessary lifting lugs (Figure 9), the still remaining working chamber (being part of to the 
man lock) placed above the main drive, needed to be removed. For this part of the works, 
four 50 t block chains were used. Two of them connected the front shield to the top of the 
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Figures 8. a and b. Flipping down the central section of the cutterhead (piece 5) with the aid of the 
boom of the excavator. 


main drive. The other two remaining block chains connected two lifting lugs welded on the 
tail skin with the respective lugs assembled on the bottom of the main drive. 


Figures 9 & 10. One of the lifting lugs welded on the tail skin for dismantling the main drive (left 
photo). Releasing the main drive (photo on the right). 


With such a chain configuration, the main drive was first lifted up and then rotated, to 
leave it to rest on the structure arranged for that purpose (Figure 10). The main drive was 
removed from the tunnel, through the niche, as it had previously been done with the heaviest 
part of the cutterhead (central part No. 5); the same transport trolley made of steel beams 
was used. However, between the niche and Chamber 5/8, there was a one metre tall step 
coinciding with the window opened in the diaphragm wall. A new auxiliary steel structure 
was necessary to bridge this discontinuity in the path of both elements, the piece No. 5 of 
the cutterhead and the main drive. The trolley holding the main drive was moved forward 
with the aid of winches. A couple of 100 t hydraulic jacks were used to generate the forces 
that would make the trolley rotate 90°. A necessary change of direction, to modify the dis- 
placement along the axis of the tunnel for a perpendicular one that would allow to exit 
through the window opened in the slurry wall, towards the open air at the shaft. The trip of 
the trolley was secured by installing steel stoppers at both sides along the entire route in “L” 
up to the final lifting point. 

Once the EPB is totally dismantled, a 2 mm thickness waterproofing membrane was 
installed at the inner face of the shield; the membrane was fixed over a 5 cm layer of 
shotcrete previously shot on the shield. The membrane (Figure 11) was intended to give 
continuity to the waterproofing system of the niche up to the segmental lining tunnel. 
Finally, the permanent lining of reinforced concrete was cast over the full length of 
niche and shield. 
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Figure 11. View of the waterproofing and concreting works at the buried shield. Main drive in the back- 
ground waiting to be pulled once concrete works at breakout side ended. 


4 CONCLUSIONS 


The case of a buried shield, cutting of the cutterhead, dismantling inside the tunnel and removal 
of the rest of main components, has been succinctly described. The case is another example to 
add, to the already existing ones, that demonstrates how advantageous alternatives to the con- 
ventional TBM dismantling can be found when required by the circumstances of the project. 

Among the previous works carried out by CRTG, necessary to dismantle the TBM in 
underground conditions, the design and build of a niche was included. The niche was executed 
after an extensive and complex soil grouting treatment. The geometry and location of the 
niche, together with the geotechnical conditions made necessary a comprehensive, deep and 
accurate control of the construction works. Waterproofing and consolidation were two 
important aspects to be able to build safely. The whole disassembly process was object of 
engineering analysis before starting it. Different auxiliary steel structures were designed and 
assembled to carry out the full dismantling process. In the disassembling stage, the less heavy 
parts of the TBM have been transported along the tunnel back to the launching shaft to be 
lifted out. The two biggest pieces of the TBM have been removed from the arrival shaft with 
a mobile crane of 500 t after several operations to reach the lifting point, crossing the niche. 
The works required a high level of control and precision due to space limitations, especially 
the disassembly of the heavy mechanical parts. 
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ABSTRACT: Esme tunnel for the Izmir — Ankara high speed railway project is located in 
the rural parts of the city called Usak in the mid-west section of Turkey. A 13,77 m diameter 
Robbins Crossover TBM has been utilized for the construction of the single tube tunnel with 
a total length of approximately 3 km. The tunnel alignment is developed through two main 
lithologies which are gneiss and mudstone, respectively. Gneiss was observed right after TBM 
launch for a few hundred meters, while the dominant lithology was dry mudstone with consid- 
erable amount of fine particle. Regarding the hydrogeological aspect, the project area is quite 
dry and can be considered almost arid. The low water amount and high fine content of the 
ground make the excavation with the Crossover TBM difficult, thus making the ground con- 
ditioning a challenge for the project success. In addition to that, the lack of natural or munici- 
pal water resources was a relevant issue in terms of sustainable operation, considering the 
water requirements of large diameter TBM. To manage all the project aspects and improve 
the TBM performance, a set of laboratory tests has been conducted on the samples taken 
from the jobsite to determine the best possible solution for the ground conditioning with 
a minimum amount of water. A tailor-made product has been developed and tested on site to 
see the in-situ large scale effects of the developed foaming agent. As a result of the good col- 
laboration with the team on the jobsite, after a few hundred meters, record breaking advance 
rates and average monthly advances have been recorded for the given diameter. In this paper, 
preliminary laboratory tests, on-site tests, and TBM performance along with the data 
extracted from the TBM data logger are analysed and presented. 


1 INTRODUCTION 


In the last decades, the use of EPB TBMs has become very common even for tunnel excava- 
tion in remote areas, where traditionally the conventional tunnelling methods were the most 
usual for soft ground excavation. When the geotechnical characteristics of the ground and the 
hydrogeological conditions allow for the use of an EPB TBM, this technology can be the best 
design option even in these areas, becoming no more a choice limited to the urban environ- 
ment, which is the typical case of mechanized excavation. 

The spread of the EPB technology is mainly due to the development of ground conditioning 
agents and to the growing knowledge of specialized Contractors. The mechanized tunnelling 
with EPB TBMs in these areas has indeed many challenges that should be faced for the project 
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success, and they should be a key part of the project since the preliminary stages of it. One of 
the trickiest one is the ground: a deep analysis of the project documentation should be carried 
out mainly for the TBM selection and furthermore for the first selection of ground condition- 
ing agents. 

When the jobsite area will be set up and representative samples of soil expected will be avail- 
able, dedicated laboratory tests should be carried out to define the right soil conditioning 
products and their preliminary parameters. 

At the excavation stage, directly on the TBM and in cooperation with all the subjects 
involved (Contractor, TBM manufacturer, etc.), the soil conditioning process must be opti- 
mized for a smooth and continuous TBM advance and for the final tunnel construction. 

This profitable approach to a TBM EPB project is described in the present paper, focusing 
the attention on the soil conditioning peculiarities for the Esme tunnel for the Izmir — Ankara 
high speed railway project, and on how they have been managed by the Contractors and the 
conditioning products supplier. 


2 GEOLOGY OF THE AREA 


As one of the largest recent infrastructure projects in Turkey, Ankara — Izmir High Speed Rail- 
way Project will be connecting Ankara, which is the capital and second largest city of Turkey, 
and Izmir, which is the third largest city. The Esme Section of the project is approximately 
74 km long and composed of 24 conventional excavation tunnels with a total of 19 km, 21 via- 
ducts, and 1 TBM tunnel with a length of 3,05 km. The TBM tunnel which has 12,5 m I.D, is 
located in the western part of Turkey (Figure 1) and serves as a key element to the project. 
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Figure 1. Satellite view of the project location. 


Total length of the TBM tunnel is 3.047 meters, passing under the rural parts of Usak, 
Turkey. Maximum depth from surface to the crown is approximately 80 meters while the aver- 
age overburden is around 50 meters. 

In geological aspect, the region has complex geological features. A borehole survey with 
200 m intervals were conducted to properly determine the lithologies that reside along the 
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tunnel route. According to the geotechnical report, first 200 meters were to be mined within 
weathered gneiss zone, while the remaining section of the tunnel passes through a complex 
interbedding of weathered mudstone, sandstone, gneiss, and claystone. Dominant lithology of 
the line was observed to be altered mudstone making up 93% of the complete line (Figure 2), 
which bears the risk of clogging and clogging related problems due to the high level of fine 
particle (clay) content (Table 1). 

On the other hand, although the tunnel route lies below the water table, the region is 
extremely arid. Lack of water resources both above and below ground was a significant con- 
cern when considered the water required to operate a 13,78 m diameter TBM in a rural area 
where there is no available utility network to meet such requirement. Logistics of water had 
become even a bigger challenge when it has been combined with the excavation through 
clayey ground containing low moisture content. On these terms, achieving a sustainable and 
water conservative ground conditioning solution in terms of both operational and environ- 
ment aspects, became essential. 


Table 1. Lithology of the tunnel route. 


Chainage Start Chainage End Distance (m) Lithology U. Weight (kN/m?) C (kPa) 
376+910 376+840 70 Weathered Gneiss 22 40 
376+840 376+700 140 Weathered Gneiss 22 100 
376+700 376+380 320 Weathered Mudstone 21 15 
376+380 376+300 80 Weathered Mudstone 21 50 
376+300 376+200 100 Weathered Mudstone 21 80 
376+200 375+850 350 Weathered Mudstone 21 90 
375+850 375+390 460 Weathered Mudstone 21 110 
375+390 374+420 970 Weathered Mudstone 21 65 
374+420 374+200 220 Weathered Mudstone 21 75 
374+200 374+000 200 Weathered Mudstone 21 40 


374+000 373+860 140 Weathered Mudstone 21 15 


Weathered Mudstone Core Sample Weathered Gneiss Core Samples 


Lithological Distribution (%) 


Weathered 


Gneiss 
àg 


Weathered 
Mudstone 


93% 


= Weathered Gneiss = Weathered Mudstone 


Figure 2. Distribution of lithologies along the tunnel route. 
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3 TECHNICAL SPECIFICATIONS OF THE TBM 


A Robbins XRE EPB -— Hard Rock Cross TBM (with an excavation diameter of 13,77 m) was 
utilized for the excavation of the 3.050 m long tunnel for the project. 

The TBM was originally designed and manufactured for a completely different project, 
whose works were supposed to start back in 2014, in a different region of Turkey. As one of 
the first examples of cross TBM technology, the TBM has been kept still in the contractor’s 
warehouse as fully assembled and commissioned, until a suitable project turned up. In 2019, 
after almost 5 years of storage, such opportunity has emerged and the TBM was dismantled 
and transported to the jobsite to be assembled one more time. A comprehensive refurbishment 
and maintenance works have been conducted by the contractor to ready the TBM for the 
3.050 m drive ahead, which later proved to be a quite significant factor for reducing malfunc- 
tions and downtimes and contributed as a significant factor in the record-breaking success of 
the TBM and its crew. 

TBM’s technical specifications are shown in Table 3. 


Table 2. Technical specifications of the TBM. 


Brand Name Robbins 
Model Name XRE Cross EPB451-379 
Excavation Diameter 13,77 m 
Main Drive System VFD - 19 x 220 kW 
Total Main Drive Power 4.180 kW 
Torque Capacity 32.000 kNm @ nominal 
78.000 kNm @ break-out 
Cutterhead Rotation Bi-directional - CW and CCW 
Cutterhead RPM Range 4.6 @ Hard Rock Mode 
2 @ EPB Mode 
Thrust Capacity 216.000 kN @ nominal 
282.000 kN @ exceptional 
Number of Disc Cutters 63 x 19” Single Disc Cutters 
8 x 17” Twin Disc Cutters 
Number of Scrapers 277 x Face Scrapers 
32 x Gauge Scraper Sets 
Number of Foam Lines 10 x Lines for water (100 lpm) 


8 x Lines for foam (880 Ipm) 


The TBM has a variable frequency drive (VFD) system for the cutterhead rotation. A total 
of 19 VFD motors which have 220 kW capacity each allow bi-directional rotation at 
a maximum RPM of 4.6 and 2 in hard rock and EBP modes, respectively. Moreover, a total 
available power of 4.180 kW to the cutterhead generates a 32.000 kNm nominal maximum 
and 78.000 kNm break-out torque output in EPB mode. Total thrust capacity of the TBM is 
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216.000 kN while an exceptional 282.000 kN thrust force can also be generated when required 
to overcome emergency situations such as squeezing. 


Figure 3. Robbins XRE Crossover TBM. 


The capacity of ground conditioning system can put limitations to production if it cannot 
keep up with the advance rate of the TBM. In this case, a total of 8 foam lines with 880 lpm 
capacity along with 10 water lines with 100 lpm capacity were also found to be very useful for 
proper ground conditioning in highly weathered and clay containing mudstone sections and 
performed well under higher advance rates. 

As it can be seen from Table 2, the TBM has strong properties to be operated under both 
soft ground and hard rock conditions. However, in this project it was only used in EPB mode 
due to the nature of the ground conditions. In addition to 19” disc cutters, unique VHD 
scrapers which were specifically designed for this project, have been used in order to improve 
muck flow, reduce cutterhead torque, and as a result improve advance rates while also increas- 
ing tool life span and decreasing the cutterhead maintenance intervals. 


4 SOIL CONDITIONING BEFORE THE TBM START 


A profitable approach to soil conditioning has been made since the preliminary phases of the 
project thanks to the cooperation between the chemical supplier and the contractor. 

First, an analysis of both the project documents (geological profile, design excavation pres- 
sure, etc.) and the TBM characteristics and the site peculiarities (i.e., availability of water or 
other source needed for the TBM drive) were carried out. This preliminary stage is important 
for the initial selection of the most suitable soil conditioning products and for a primary esti- 
mation of their parameters and consumption. The next steps are the laboratory tests with rep- 
resentative soil samples and the soil conditioning technical support to the TBM team. These 
topics are discussed more in details in dedicated parts of the paper. 


4.1 Laboratory activities 


The first step of the laboratory test campaign was the soil samples characterization. The sam- 
ples received at Mapei R&D laboratory, were representative of the tunnel alignment and 
showed a medium-strong cohesive behavior (Figure 4) 

Considering the information available about the expected soil to be excavated by the TBM 
and the samples characterization, the following soil conditioning products were selected for 
the test: 


— Polyfoamer FP/L: a foaming agent formulated with a lubricating polymer; 
— Polyfoamer FLS/10: a foaming agent formulated with an “anti-clay” polymer, specifically 
designed for cohesive soils; 
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Figure 4. Position of the samples according to plasticity chart. 


Once the samples characterization and the soil conditioning products first selection were 
completed, Slump tests, which are one of the most used and representative tests for soil condi- 
tioning, as well as other laboratory tests (Vane test, shake table test, etc.) were carried out at 
Mapei R&D laboratories. The aims of the tests were to find the conditioning parameters 
(Foaming agent POLYFOAMER concentration, FER, FIR, WIR) which would have allowed 
to obtain the correct soil characteristics in terms of mechanical behaviour (“pulpy” paste), 
while minimizing stickiness with no excess of water and/or foam. The selection of the correct 
soil conditioning parameters during the laboratory tests campaign is made by adjusting the 
volume of water added to the soil (WIR), the foam characteristics (Foaming agent concentra- 
tion and FER) and its amount added (FIR). The tests were carried out considering the project 
peculiarities with specific regard to the very low amounts of water available in the jobsite, the 
quite great size of the cutterhead and the consequent huge amount of soil to be conditioned. 


4.2 Laboratory tests results 


The tests have been done following the common practice (Peila et al., 2009). The cone fallen 
and the soil consistency, function of the cone “flow” and of the soil behavior after jolts, have 
been used as reference parameters to evaluate the results. One of the tests objectives was to 
minimize the WIR (Water Injection ratio) while keeping optimal soil behavior for EPB 
tunnelling. 

As conclusion of the laboratory tests, Polyfoamer FP/L and Polyfoamer FLS/10 have been 
considered suitable for the conditioning of the samples received. The lowest water addition 
has been reached using Polyfoamer FLS/10 and for this reason it has been selected for the soil 
conditioning during TBM excavation. 


5 TBM PERFORMANCE RESULTS 


The TBM has been launched at the end of March 2021 and a Breakthrough was achieved at 
the beginning of October 2021, after the successful completion of 3.050 m drive in just about 6 
months. 

Figure 5 Shows the monthly advance rate chart. After a very brief learning curve, the TBM 
began to increase the monthly advance rate with each passing month. In July 2021, a monthly 
advance rate of 518,4 meters was achieved, thus breaking the world record for the 13 m and 
larger TBMs category. Furthermore, the TBM and the crew kept improving on their own 
record in August and September, up until the end of the project. 

It can be seen from Table 4 that the best daily advance rate of the TBM is 32,4 m while the 
best weekly advance rate achieved is 178,2 m. The best month in terms of advance was Septem- 
ber 2021 with 730,8 m, while the average monthly advance rate was 380,9 m (Table 4). However, 
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Table 3. Laboratory tests results. 
Test 1 


WIR 14% 
Concentration Polyfoamer FP/L 1.5% 
Before jolts. Slump 90mm, Flow 155mm 
FER 8 
FIR 60% 
FIR 50% 
After 15 jolts. Slump 110mm, Flow 190mm 
Test 2 
WIR 6% 
Concentration Polyfoamer FLS/10 1.5% 
FER 8 
FIR 60% 
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After 15 jolts. Slump 115mm, Flow 210mm 


Monthly Advance Rates 


meters 


518,4 
451.8 
349.2 i 
May June July d 


Months 
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Figure 5. Monthly advance rates of the TBM. 


Table 4. Best advance rates. 


Best Daily Advance (m) 32,4 


Best Weekly Advance (m) 178,2 
Best Monthly Advance (m) 721,8 
Average Monthly Advance (m) 380,9 
Average Monthly Advance - Normalized (m) 486,9 


* Normalized average monthly advance rate has been calculated 
by excluding the first and the last month which include launch 
and the breakthrough of the TBM in order to better reflect the 
actual advance performance of the TBM 


if the average advance rate is normalized by excluding the first and last months which are 
March and October, it is found to be 486,9 m. It is safe to say that such average advance rate is 
as impressive as the maximum monthly advance rate achieved with 730,8 m since it better 
reflects the actual and consistent performance of the TBM and the crew. 

These relevant results could be obtained by the “synergy” between the contractor and the 
other subjects involved in the project (chemical supplier, tools manufacturer, etc.). The com- 
bination of the correct selection of the machine, the optimal studies of soil conditioning and 
the technical support on site allowed the very profitable TBM drive achieved. 


6 CONCLUSIONS 


With the combined efforts and support of all parties involved, the success gained at 
Esme Project opens a new chapter in Turkey, reshaping the planning of large infrastruc- 
ture projects as it becomes an indicator for large diameter tunneling. Due to the complex 
geological features that are common in Turkey along with negative past experiences, 
large diameter TBM tunneling was always considered as risky, expensive, and relatively 
slow. In that aspect, it is safe to say that the success and the experience gained are not 
only important for the current project itself, but they are also valuable for the future 
projects to come. 

Esme Project is another example of the successful approach to soil conditioning used by 
Mapei which starts from the accurate study of the geotechnical and hydrogeological charac- 
teristics of the site, the specificities of the project and the features of the TBM selected. The 
laboratory tests carried out in the Mapei R&D laboratories proved to be fundamental for the 
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correct products selection and for a preliminary estimation of their consumption. On the job- 
site, in cooperation with all the other stakeholders of the project, the soil conditioning is opti- 
mized as well as the whole TBM excavation process. 
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ABSTRACT: Several chemical products are necessary during the mechanized tunnelling 
with TBM-EPB, mainly for three applications: soil conditioning (important for a fast and safe 
advance of the EPB), backfill grouting of the annular space that is created between the seg- 
mental concrete lining and the surrounding soil or rock mass, and tail brushes sealing (to 
avoid the ingress of material such as water, foam, soil, etc. into the TBM working area).Each 
one of these chemical products inevitably brings a certain degree of environmental impact, for 
example against the underground water or the excavated muck which needs to be disposed in 
a final destination. MAPEI have been working with its R&D laboratories to develop new 
products and new technologies that are able to reduce this impact, which can be measured in 
terms of lower eco-toxicity against terrestrial and watery organisms, quicker biodegradability, 
and lower emission of CO, equivalent gases, which are responsible of the global warming 
(Carbon Footprint). Several examples will be described where technological and environmen- 
tal innovations in soil conditioning, backfill grout and tail brushes sealing have allowed 
a more “environmentally friendly” excavation with EPB machines, without impacting the typ- 
ical technical performances in any way. 


1 INTRODUCTION 


Attention to environmental sustainability is becoming an increasingly more common topic 
within every industrial sector, including the tunnelling industry in recent years. 

The amount and point of focus of the attention that is given to this topic can vary depend- 
ing on which part of the world the jobsite is located in. In Italy, for example, there is 
a noticeable focus on soil conditioning for EPB machines and in measuring the eco- 
toxicologic impact which stems from the use of foaming agents and polymers, which are 
crucial for excavation works. If, despite the use of these products, the tunnel muck can be con- 
sidered unaltered from an eco-toxicologic standpoint, it can be reused as by-product rather 
than being disposed as waste. 

In other countries, the focus can shift to CO -equivalent gaseous masses emitted, which are 
deemed major culprits for global warming. In tender phases for tunnelling projects, it is no 
longer a rarity to find point score systems which award higher ratings to constructors propos- 
ing technological solutions which could amount to lower production of CO». 

Mapei, as a global leader in the production and supply of the main chemical products 
which are deemed necessary for mechanized tunnelling, is adamantly committed to the devel- 
opment of new products and technologies aimed to improve the environmental sustainability 
of TBM projects, without tampering technical performances which are still considered the 
cornerstone of any kind of development. 

This paper aims to expand on some of these innovative solutions, describing how they are 
being implemented in tunnelling projects throughout recent years. 
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2 SOIL CONDITIONING 


Soil conditioning is closely related to the issue of environmental impact from several points of 
view: the conditioning agents added to the soil during the excavation phase inevitably get in 
contact with groundwater and will remain in part within the tunnel muck, which once 
extracted from the tunnel will have to be directed to a final disposal site. In addition, soil con- 
ditioning entails the use of significant amounts of water, both to generate foam and to be 
added to wet the soil: some solutions make it possible to reduce these amounts and conse- 
quently improve the sustainability of the work from this point of view. 


2.1 What is soil conditioning? 


Soil conditioning was once described as a “black art”, but nowadays it is a proven engineering 
technique. Its importance during TBM EPB excavation is well-understood in the global tun- 
nelling industry: soil conditioning is a key factor for successful TBM advance, with significant 
influence over the machine’s performance and, more generally, over project costs. The cost of 
purchasing soil conditioning agents is very low compared to the overall costs of a TBM pro- 
ject, but their impact is not to be underestimated, since their quality and the way in which 
they are applied have a great influence on a machine’s productivity, speed of advance, wear to 
the cutterhead, torque, etc. 

Furthermore, soil conditioning is also directly connected to safe tunnelling: the correct EPB 
pressure at tunnel face can be applied and maintained during excavation only when soil is well 
conditioned, otherwise several problems may occur, including water inflows and superficial 
subsidence. 

What is perhaps less known, is its inevitable impact on the environment: chemical agents 
used for soil conditioning get in contact with subsurface water and end up being present inside 
the excavated muck. 


2.2 Eco-toxicity of soil conditioning agents and of excavated muck 


Regulations covering the classification and reuse of tunnel spoil differs from country to coun- 
try. What does not change is that the chemical products added to the muck influence this pro- 
cess: when the product is rapidly biodegradable and of low toxicity, the probability of reusing 
the tunnel muck increases drastically, as well as the time required to wait before the impact 
coming from the usage of soil conditioning products can be considered nil. 

In recent years, Mapei has developed a new line of products which aim to reduce the envir- 
onmental impact of soil conditioners on subsurface water and excavated muck. At the same 
time, the technical performance of traditional foaming agents is guaranteed, as proven by the 
several kilometers of tunnels already excavated using these products. These products belong 
to the Polyfoamer ECO and Mapedisp ECO ranges and include a series of foaming agents 
and polymers, each one with its own characteristics in terms of biodegradability, ecotoxicity 
and technical performance. 

All these products have been already successfully used in several TBM projects, such as the 
8km long “Santa Lucia” tunnel in Italy (with a 15.8m diameter EPB), the hydraulic tunnel 
“Riachuelo Lot 3” in Buenos Aires (excavated in sandy soil with a 5.2 m diameter EPB 
TBM), and the tunnels “Polcevera”, “Serravalle” and “Arquata” along the “Terzo Valico” 
railway between Milan and Genoa in Italy. 


2.3 Reducing the amount of water for soil conditioning 


Reducing the environmental impact of soil conditioning can also be linked to reducing the 
amount of water used in TBM tunnelling projects. As is well known, water is a very valuable 
resource and an increasingly rare commodity, especially in some areas of the world. 

However, some soils to be excavated with EPBs require large amounts of liquid to be 
added, either as pure water (defined by the parameter of WIR = Water Injection Ratio) or as 
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water to generate the foam. In particular, high values of WIR are generally required in order 
to condition cohesive soils with stickiness properties, such as clays, mudstone, shale, etc. In 
these cases, MAPEI has developed a range of products to fluidify highly plastic soils and min- 
imize the risk of clogging by lowering the amount of pure water (WIR) required. 

In Grand Paris Express Line 11 GCO1, water availability was even more of a problem because 
of the presence of multiple TBMs excavating simultaneously. Moreover, the soil was particu- 
larly cohesive which by itself normally requires larger amount of water to be excavated. 

As shown in Figurel, the qualities of soil encountered in the excavation were well within 
the risk of clogging for the TBM. 


Consistency Index I. 


0 10 20 30 40 50 60 70 
Plasticity Index I, 


Figure 1. In blue, the clogging risk based on the analysis of Line 11 soil samples. 


After analyzing the soil samples in MAPEI R&D laboratories, several combinations of 
foaming agents from the Polyfoamer range were tested in order to find a correct mixture that 
would allow an optimal excavation process this minimizing the amount of water added. 

The solution with Polyfoamer FP/L was used to excavate sections with geologies with aver- 
age geotechnical characteristics, while the solution using Polyfoamer FLS was used in sections 
with sticky soils, and finally, the combination Polyfoamer FLS and Mapedisp FLS was used 
for the extremely sticky sections. 

More recently, Mapei R&D laboratories developed a new all in one solution capable of 
combining properties of both foaming agents and water dispersing agents: Mapedisp 7030 
ECO. This admixture is a high-performance liquid product, which allows to reduce the cohe- 
sion and adhesion of soils during mechanized tunnelling with EPB-TBM. Mapedisp 7030 
ECO can produce well-conditioned soils, reduced WIR and its environmental characteristics 
make it the most environmental-friendly solution available on the market among commonly 
used dispersing agents. 


3 BACKFILL GROUT 

As part of the industrial process that is a TBM excavation, the backfilling grout has some 
environmental impacts that must be considered. The main environmental aspects of backfill- 
ing grout are related to the ingredients used to prepare it, the type of products and their dos- 


ages. Each ingredient has an impact that must be evaluated and considered for the proper 
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Table 1. Laboratory test with Mapei products. 


WIR  Polyfoamer Conc. Mapedisp FLS FER FIR 
Products used (%) (%) Conc. (%) (-) (%) 


POLYFOAMER FP/L 16 1% \ 8 50 


POLYFOAMER FLS 12 1% \ 8 50 


POLYFOAMER FLS + MAPE- 


DISP FLS 9 1% 0,2% 8 50 


selection of the backfilling technology. Being a water-based material, the origin of the water 
itself becomes an impacting factor which can influence the quality and performance of the 
backfill grout as well as its environmental impact. The possibility of re-using water coming 
from other processes at the jobsite could very well prove to be a way to optimize resources 
while lowering the resource requirement of the jobsite itself. 


3.1 Backfilling grout techniques and two-components system 


As a shielded TBM advances, a “gap” is created because of the difference between the TBM 
excavation diameter and the external lining one. During the TBM advance, the proper filling of 
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this void is a key aspect to minimize the settlements of the ground, block the ring in its designated 
position, make the loads towards the lining homogeneous and improve the tunnel waterproofing. 

Different kind of cementitious grout in soft ground tunnelling as well as pea gravel in 
hard rock tunnelling, have been developed in the past, but they each have their own set- 
backs (not homogeneous filling, long setting time, no mechanical strength at short stages, 
etc.) that made the two-components system the most effective choice for TBM tunnelling 
in every conditions. 

The system is made by the A-Component, which is a super-fluid cementitious grout charac- 
terised by high volumetric stability and workability over long periods, combined with the 
B-Component (an accelerator admixture) to obtain a material with “gel-like” consistency and 
fast development of mechanical strength. 

The two-components grout is the only technology which can provide the required mechan- 
ical characteristics and can be used to fill the “gap” as fast as operatively possible. 


3.2 Reducing CO3 quantities 


Cement is the main component of the two-component backfill grout, while also being one of 
the materials typically used in TBM sites with the highest CO, equivalent emission rate. 

The cement per cubic meter dosage of the mix can be lowered by replacing it with other 
binders with recovered pozzolan activity, which can produce much lower emissions than 
cement. As a consequence, the technical performance of the two-component grout has to be 
adjusted accordingly in order to meet the project requirements. 

MAPEI has developed on the possibility of producing a totally cement-free two-component 
mixture, where cement is completely replaced by Mapequick CBS System CF binder. In this 
case, the emitted CO, can be reduced by 70% compared to a cementitious mix with the same 
performance: considering the amounts of backfill mix involved in a mechanized excavation 
site, the raw difference in raw CO- volumes emitted can be astounding. 


3.3 Recycling water 


TBM tunnelling, like many other industrial processes, requires a massive amount of water to be 
performed. The machines currently in use in the Brenner Tunnel Project are using a mixed back- 
fill system comprised by two components grout, plus pea gravel. The cleaning operations of the 
of two-component backfill grout batching plant require great amounts of water every day. 

Such large quantity of water could be re-employed in the TBM tunnelling process by using it 
to produce the two-component backfill grout’s A-component. Several tests were carried out to 
explore this possibility, but the recycled water caused performance issues to the grout itself, such 
as excessive bleeding and lower viscosity, which were incompatible with the jobsite requirements. 

In order to obtain an A-component with the desired mechanical performance, MAPEI 
R&D Laboratories developed a stabilizing polymer, Mapedrill FR10, which was then 
included into the mix design. 

The addition of a low amount of this additive into the A-component allows to minimize the 
bleeding even when recycled water is used. This change in the two-component grout produc- 
tion procedure was implemented without impacting the plant in any meaningful way. 

In future developments, a better implemented re-use of by-product water coming from 
other processes in mechanized tunnelling could lead to downsizing of one or more steps of the 
water treatment plants, which will inevitably result in cost reduction (coming from less inten- 
sive treatment operations) and reduction of environmental impact due to a decrease of water 
to be reintroduced in nature. 


4 SEALANT AND LUBRICANTS 
Tunnel Boring Machines make extensive use of sealants and lubricants during their oper- 
ational phase. With these chemical products come the possibilities to improve their degree of 


environmental impact, hereunder are some examples. 
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4.1 Tail sealants 


Tail sealants are continuously injected during the TBM advance in order to seal the tail 
brushes, thus avoiding any ingress of grout, water, soil, etc. into the TBM working area. Tail 
sealants need to be easy to pump and, at the same time, very sticky to metal surfaces and with 
great sealing properties against water and cement-based grouts. 

Typically, among their main constituents there are hydrocarbons-based materials, which 
have a high degree of CO, emission (GWPj99 = Global Warming Power). Mapei has devel- 
oped a special type of tail sealant, called Mapeblox/T LCF, which can ensure the same tech- 
nical performance of commonly used tail sealants, while also being completely hydro-carbons 
free. This characteristic allows to drastically improve the carbon footprint, thus helping 
reduce the CO>-equivalent quantities for the TBM operational phase. 


4.2 Lubricant greases 


EP (Extreme Pressure) greases are used in TBMs mainly to lubricate the main bearing. Differ- 
ent EP greases are available in the market: all the traditional materials are based on mineral 
oils, and they are slowly biodegradable since it will inevitably come in contact with the envir- 
onment during the machine’s operational phases. 

In the last years, the cooperation between Mapei and ENI (one of the largest oil companies 
in the world) has led to the formulation of Mapeblox EP ECO, an EP lubricant grease charac- 
terized by great technical properties in terms of lubrication, water resistance, etc., and at the 
same time by a much faster biodegradability than traditional mineral-based EP greases: 
Mapeblox EP ECO is readily biodegradable according to the EOCD 301 guideline, thus fur- 
ther minimizing the impact of chemical products used in excavation to the environment. 


5 CONCLUSIONS 


A different and conscious approach to the TBM tunnelling is nowadays possible. The develop- 
ment of innovative chemical products allows to provide ECO solutions for many technologies 
related to the mechanized excavation. Innovative agents with specific properties can minimize 
the use of water for the soil conditioning saving this precious resource. Furthermore, these 
groundbreaking products have a minimal environmental impact guaranteeing the re-use of 
spoil as by-product in accordance with the up-to-date spoil management approaches. 

The reduction of greenhouse gases emission is another aspect on which the modern TBM 
consumables can play a key role: a backfilling grout with reduced CO, emissions can now be 
formulated thanks to the R&D activity carried out at Mapei laboratory as well as the use of 
a new kind of tail sealant whose carbon footprint is drastically reduced. 

Finally, being the water one of the most important sources on earth, the re-use of it within 
TBM jobsite is a crucial sustainable step forward that is now possible thanks to the selection 
of the proper admixture. 

We anticipate that proper implementations of these solutions could very well be suitable 
options into reducing the environmental impact of TBM tunnelling projects. Still, the increas- 
ing focus towards environmental sustainability of large-scale project does not mean that tech- 
nical performances of products can be considered of less importance. R&D activity will prove 
increasingly fundamental in ensuring top performing products are also compatible with the 
project’s environmental requirements, in an increasingly environmental-aware world. 
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ABSTRACT: Segmental lining is not usually applied in hydraulic pressure tunnels but may 
become a viable alternative if it can withstand internal pressure variations and it is possible to 
fill the tunnel annular gap with high-performance backfilling material, as single-component 
grout or pea gravel. The research here presented is aimed at studying a mix design for the 
backfill to be used in a pressure tunnel subjected to severe hydraulic conditions, considering 
both single and two-component grout. The requirements (high strength and stiffness, cyclic 
load resistance and durability) are quite common when considering a traditional grout but 
become challenging for a two-component one. The experimentation consisted in a preliminary 
phase to find mix designs that conjugated pumpability of the fresh mixture and mechanical 
properties of the hardened grout, followed by a testing phase on the best recipes, under static 
and cyclic loads. This paper presents a comparison between the two solutions. 


1 INTRODUCTION 


The present research is developed in the context of studying a new lining concept for the con- 
struction of the Inclined Pressure Shaft (IPS) of the Snowy 2.0 pumped hydro-electric project 
(Australia), with an internal diameter of 9.9 m and a length of 1.6 km. The IPS lining solution, 
currently under study, is a single pass tensile resistant segmental lining including steel coup- 
lers, named as Force-Activated Coupling System (Valiante et al., 2023). 

The tunnel lining is subject to extreme hydraulic loads, with a steady state pressure ranging 
690-780 m and the internal pressure variations due to the water hammer reaching +29 bar for 
the positive variations with respect to the steady state and —27 bar for the negative variations. 

Since the lining is drained by means of the hydraulic connectors, it is almost unloaded 
during water filling of the scheme and only transient loads act on the lining due to water 
hammer events. During positive transients the lining displacement is restrained by the equiva- 
lent radial bedding stiffness of the coupled surrounding rock mass and backfill between the 
segmental lining and the excavated rock surface. The backfill grout represents a deformable 
layer due to its elastic modulus, which is lower than the rock mass bedding stiffness, thus its 
influence on the overall bedding stiffness is not negligible. 

The properties of the backfill grout have been recently investigated by several authors, 
among which Antunes (2012), Thewes (2013), Youn and Breitenbiticher (2014), Mahner and 
Hausmann (2017) and Todaro et al. (2022). In the specific framework of this work, the crucial 
role played by the annular backfill grout is to provide homogeneous and sufficiently stiff con- 
finement to the lining, particularly in the long term, considering the operational conditions of 
the project in terms of cyclic loads and hydraulic conditions. 
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In high pressure hydraulic tunnels, the common practice is to adopt single-component backfill 
grout, mainly for the high strength and stiffness requirements. However, two-component backfill 
grout provide advantages in terms of quick setting and early support of the lining, stability under 
water flow and good pumpability and workability ITAtech 2014, Thewes & Budach, 2009). 

The aim of this research was to develop single-component and two-component backfill-grout 
materials capable to achieve very high performance in terms of strength and stiffness and, at the 
same time, providing good performance also in terms of durability under cyclic loads. 


2 PROJECT REQUIREMENTS 


To limit the lining deformability under positive transient load, the project requirements were 
particularly high in terms of mechanical strength to be achieved, as well as high durability per- 
formances. In addition, the material had to be tested under cyclic loading, considering it 
would experience millions of internal pressure oscillations over the 150 years lifetime of the 
plant, making the fatigue verification one of the most important aspects. 

Table | reports the specifications initially set for the backfill grout. The range of variability 
for the parameters considers the different hydraulic loads along the IPS, with the bottom of 
IPS requiring higher performances for the grouts. 

Compression strength higher than 20 MPa was particularly demanding for a bi-component 
grout, as this material has generally UCS values in the range of 2-5 MPa (Peila et al. 2015), 
however, higher values have been recently achieved in previous studies (De Carli et al. 2022). 

Regarding the Young modulus, a value of 5 GPa was also uncommon for a two-component 
backfill material. On the contrary, both values of UCS and Young modulus are easily achiev- 
able adopting a single-component backfill mix. 

Finally, it is worth to mention that a grout stiffness of 5 GPa had the effect to reduce between 
6% and 25% the rock bedding stiffness along the IPS, due to the presence of the backfill grout. 
Thus, it is a crucial parameter to be achieved to limit the tunnel lining deformability. 


Table 1. Project specifications for the backfill grout. 


Parameter Test Acceptance Values 


Uniaxial compressive strength Uniaxial compressive strength test 2 15-20 MPa 
Uniaxial compressive strength test with 


Young modulus a 2 3.0-5.0 GPa 
strain measurements 
Decay of properties after cyclic tests Cyclic compression test nae 
after 106 cycles 
Segregation Bleeding test < 5% after 3h 
Fluidity/Viscosity Marsh cone 35-45 sec 
Gelling time Hardening time 10-18 sec 


3 TESTING CAMPAIGN 


3.1 Materials 


Two-component backfill grout consists of two fluids: a component A (binder, bentonite, water 
and a retarding agent which inhibits the setting) and a component B (accelerating additive, usu- 
ally sodium silicate), which produce a gel within seconds from the moment they are mixed, i.e. 
the injection. In this study a superplasticizer agent, to improve the component A’s workability, 
and a filler, to increase the mechanical performance, were also included. Single-component 
grout consists in a mixture of binder, bentonite, water and sand; in this case chemical admix- 
tures (retarder and superplasticizer) were added to improve the fresh state’s properties. 

The binder used is a mix of general-purpose cement and ground granulated blast furnace slag, 
in about even proportions. Usually, in the production of grouts bentonite is used to avoid 


1242 


bleeding/segregation, while the retarder is added to delay the setting time and therefore maintain 
for a longer time the workability of the component A. The accelerant, used only for two- 
component grouts, reduces the setting time ensuring a rapid gelling of the mortar and increasing 
the rate of development of mechanical resistances. Based on the properties required of the 
mortar, other admixtures may be necessary: in this research a superplasticizer or high range 
water reducer was added to both two-component and single-component recipes, to decrease the 
water/binder ratio that can be reached maintaining the desired fluidity of the mixture. 

The filler, added to the two-component grout to increase the stiffness and strength of the grout, 
is a Silica flour with D90 of 50 um. The sand, used for single-component mixes, was a well graded 
quarry sand with maximum size 4mm. This choice was dictated by both intents to use a standard 
material, and therefore to be able to carry out reproducible tests in the laboratory, and to allow 
greater adhesion of the cement paste on the surface of the rough grains, thus improving mechan- 
ical strength. 


3.2 Experimental program 


The experimental program consisted of a preliminary phase which identified two mix designs 
(a two-component and a single-component grout) based on evaluations of the properties of the 
fresh grout and on UCS tests after a few days of curing, followed by a complete study, which 
included static and dynamic mechanical tests carried out on the two selected mix designs. 


3.2.1 Preliminary phase 

The adequacy of a backfilling material is not fully defined by the mechanical performance 
exhibited by the hardened material but depends on the properties that ensure a successful 
injection, as stability, pumpability and setting time, evaluated on the fresh material. The 
experimental program envisaged a series of trials for both mortars tested, to define optimal 
mix designs that would meet the technical specifications. The consistencies of two-component 
and single-component grout are quite different in their fresh state, so that, depending on the 
material, different types of tests were carried out to evaluate workability and pumpability. 

To meet the requirements on strength/stiffness, it was necessary to reduce the values of water/ 
cement ratio far below those commonly used for this kind of applications (about 2.5 in the 
Authors’ experience, in line with the data reported by Todaro et al., 2022). The introduction of 
a superplasticizer allowed to reach w/c around 0.80 for two-component grout and 0.60 for the 
single-component, which represent a good compromise between increasing solid structure and 
maintaining segregation and fluidity in the ranges stated by design specifications (Table 1). In 
addition to the familiar water/cement ratio, other indicators have been reported to have more 
insights on the behavior of each mix: the water/binder ratio, defined by European standard EN 
206-1 and useful when supplementary cementitious materials are present in the mix; and the 
Rheological Index (IR), which corresponds to the volumetric ratio between all the solid particles, 
including filler and sand, and water (Linger et al., 2008). Table 2 report the results of this screen- 
ing phase and the selected mix designs. 

As previously said, different types of tests were carried out to evaluate the properties of the 
fresh two-component and single-component grout. The fluidity of two-component grout compo- 
nent A was evaluated by means of the Marsh cone’s test (ASTM D6910) at 0 and 72 hours after 
production, obtaining values higher than the reference of 35-45 s for a typical 2k mix (André 
et al., 2022), but nonetheless acceptable considering this special application. This was due to the 
presence of substantial quantities of binder and filler necessary to achieve the desired perform- 
ances. As for the single-component grout, being the Marsh cone test not feasible, and in lack of 
dedicated specifications, the fluidity was evaluated comparing mini-slump tests and flow table test 
(ASTM C1437) at 0 blows instead of 25 (which is the practice for concrete), searching for the 
maximum that could be measured, i.e. 10 cm for the mini-slump and 30 cm for the flow table). 

The bentonite was included to avoid bleeding (evaluated according to ASTM C940) 
and was found very important to avoid segregation of the sand particles in the single- 
component grout. For the two-component mortar it was also necessary to evaluate the 
gel time, which gave values in the optimal range of 10-18 seconds only with an amount 
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Table 2. Mix designs selected for subsequent tests. Dosages in kg/m’. 


Materials Single-component Two-component 
Cement 350 243 
Slag 233 365 
Water 350 518 
Bentonite 4.6 2.8 
Filler - 339 
Sand 1165 - 
Retarder 0.9 11.3 
Superplasticizer 6.9 3.6 
Accelerant - 176 
w/c 0.60 0.85 
w/b 0.71 1.12 
LR. 1.85 0.64 
80 25 
t=72h flow table 
20 
60 
0h 
o 15 
D = 
Eo = 
ž A 10 mini slump 


20 


A 


Figure 1. Results of tests conducted on grouts in the fresh state: two-component grout on the left and 
single-component on the right. 


of sodium silicate of about 11% by weight on a cubic meter of grout, much higher than 
the values of 7-8% typically observed by the Authors and consistent with literature data 
(Todaro et al., 2022). Lower dosages did not produce an homogeneous gel but the for- 
mation of lumps in about 3-5 seconds; this was probably due to the unusually high 
amount of binder. The setting time for the single-component grout, on the other hand, 
was approximately 6-8 hours. 

The specimen’s preparation, which significantly affects the development over time of 
the mechanical properties of the backfill grout (Di Giulio et al., 2020), was made by 
mixing components A and B with a specifically developed system, described in [1,2]. The 
single-component mortar, on the other hand, was casted manually into the molds. 
Figure 2 show the hardened specimens of both grouts. 


4 RESULTS 


4.1 Unit weight and porosity 


The values of unit weight, y, and porosity, n, of both grout types are reported in Table 3. The 
first was measured at different curing times and shows, beside a certain experimental disper- 
sion, a slight increase over the time that is due to the formation of hydration products that fill 
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Figure 2. Two-component grout (left) and single-component grout (right) specimens. 


the voids; this should be reflected also by a correspondent decrease in porosity over the time, 
but such measures were performed only at 28 days. According to the available standards, the 
measurements of void ratio/porosity of hardened grout and concrete are referred to dry 
values, which for the two-component grout means completely altering the sample structure by 
oven drying. In order to obtain reliable values, it was decided to dry the samples at 40 °C until 
the stabilization of the weight was observed, measuring the specific weight of the solid, y,, on 
the dry powder. The porosity was then calculated as n=/- yq/y,, where yg is the unit weight of 
the dry sample. The temperature of 40 °C was selected to avoid inducing possible thermo- 
chemical alterations in the sample. 


Table 3. Unit weight and porosity measurements at different curing times. 


Time Single-component Two-component 

(-) y (kN/m*) n(%) y (kN/m*) n (%) 
1h - - 15.9 - 

ld 20.7 - 16.1 - 

7d 20.6 - 16.0 - 


28d 20.9 19 16.5 35 


In the Authors’ experience, consistent with the evidence reported by Todaro et al. (2020), 
unit weight values for a typical two-component grout are about 12 kN/m?, so that a value of 
about 16 kN/m? seems quite impressive, and likely a physical limit to be achieved without 
compromising the pumpability of the fresh mortar. 


4.2 Unconfined compression test and elastic moduli 


The mechanical properties in static conditions were evaluated by means of unconfined compres- 
sion tests at different curing times. UCS tests were conducted on cubic specimens (40x40x40 mm) 
after 1 hour and 1, 7 and 28 days of curing in water at 25°C. Figure 3 (left) reports all the results 
together with the average UCS over the time: as expected, the development of strength shown by 
the two-component grout is quicker but eventually is fully recovered by the single-component, 
reaching about 36 and 40 MPa, respectively. The Young’s moduli, E, were measured only at 28 
days, on cylindrical samples with 46 mm of diameter and h/d ratio equal to 2. The strains were 
recorded by means of strain gauges. Tests were conducted following the standard for concrete 
UNI EN 12390-13:2013 and the average values of the tangent Young’s modulus, calculated as 
per ASTM E111 at 50% of the UCS, were 10 GPa for the two-component grout and 20 GPa for 
the single-component. 
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Figure 3. On the left, two and single-component grout’s evolution over time of unconfined compression 
strength. On the right, examples of stress-strain curves for both materials. 


4.3. Cyclic compression tests 


The backfilling material of the hydraulic tunnel will be repeatedly subjected to almost instant- 
aneous variations of pressure related to the operation of the power plant, so that the investiga- 
tion of the resistance against fatigue of the material assumes great importance to ensure the 
proper functionality of the structure. In order to study this issue, the selected grout mixes 
were subjected to cyclic compression test of various duration, applying loading/unloading 
cycles with a 2 s period (0.5 Hz of frequency) ranging between different load intervals. The 
loading conditions to be simulated during the cyclic test were defined considering the oper- 
ational profile of the Snowy 2.0 hydropower plant. After the cycles, the samples were sub- 
jected to UCS tests with measurement of the strains (UNI EN 12390-13:2013), which allowed 
to calculate the tangent modulus at 50% of UCS (ASTM E111). 

Details of the cyclic testing and relevant results are listed in Table 4 . The specimens were 
prisms with dimensions of 160x40x40 mm, maintained in water at 20°C until the beginning of 
the tests. Cyclic loading was performed in a room at controlled temperature and humidity, 25° 
C and 98% respectively, which for the two-component samples was a fundamental caution to 
avoid damages due to drying. In fact, the execution of the complete series of cycles took about 
25 days, a long period of exposure to air during which was very important to preserve the 
integrity of the samples. 


Table 4. Results of UCS tests after loading/unloading cycles (0.5 Hz frequency). 


N° cycles Load range Single-component Two-component 

(-) (MPa) UCS (MPa) E(GPa) UCS (MPa) E(GPa) 
0 - 51.8 - - - 

0 - 54.1 - - - 

0 - 66.8 28.5 - - 

0 - 56.2 28.8 38.2 10.8 
400 0.0 — 2.0 56.8 31.4 43.8 10.7 
400 0.0 — 2.0 53.5 29.6 35.7 10.3 
50k 0.0 — 1.0 58.0 27.6 36.1 11.7 
50k 0.0-1.0 62.5 28.7 36.6 10.4 
10^6 0.0-0.5 66.8 28.5 36.8 10.6 
10^6 0.0-0.5 66.4 28.2 46.8 11.7 
all the above all the above 62.6 30.1 42.9 12.0 


all the above all the above 54.7 30.4 38.6 10.8 
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Figure 4 shows the results in terms of UCS after the cycles, superimposed with the corres- 
ponding values, at about the same curing time, obtained on samples not subjected to cycles: it 
can be noted that for both materials no significant degradation due to fatigue occurred. Fur- 
thermore, considering that this part of the study was executed on prismatic samples, the fact 
that after more than a million cycles the strength of such slender samples can be compared to 
that obtained on cubic samples (black squares up to 28 days) seems particularly promising. 
Further evaluations should be made based on a larger number of tests, which was impossible 
to execute due logistical reasons related to equipment availability and the tight time schedule 
of this activity. 

Another interesting outcome is that while the behavior of the single-component follows 
a trend that can be described by time-strength relations existing in literature, the develop- 
ment of strength and stiffness shown by the two-component grout seems to reach a plateau 
after about one month of ageing; this topic will be deepened in future studies, because the 
development of reliable prediction models for the evolution of the performance of two- 
component grouts over the time allows for a more accurate description of the reaction of the 
system lining + backfill (Oreste et al. 2021). 
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Figure 4. UCS values measured after the loading/unloading cycles together with the corresponding 
values measured on “virgin” samples (black squares). 


5 CONCLUSION 


This paper presents the outcomes of a research finalized to identify single-component and 
two-component grout mixes suitable as backfilling material, in hydraulic pressure tunnels sub- 
ject to high static and dynamic loads and requiring fatigue resistance. 

The study included an extensive trial phase, which was focused on the properties of the fresh 
mixture, fundamental for a successful filling of the tunnel annular gap, and an assessment of the 
mechanical performance of the hardened grout under both static and cyclic conditions. The 
results obtained were compliant with the design requirements, promoting both materials as suit- 
able backfill. However, if the strength and stiffness observed for the single-component mortar 
were not particularly surprising, it is worth to underline that similar performances have never 
been reached by a two-component mix, by the author’s knowledge. This was possible using 
a binder composed by cement and slag with a water/binder ratio far lower than that of typical 
mixes, introducing a superplasticizer and adjusting accordingly the amount of sodium silicate. 
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The results obtained, that may be enriched in the future with more tests, especially under 
cyclic conditions, confirm the possibility to use two-component mixes for this kind of projects 
where the lining is subject to tension loads, whit the backfill grout playing a crucial mechan- 
ical role in the structural verification and requiring a resistance against fatigue. 

The testing campaign here presented is still ongoing and is now focused on evaluating the 
erodibility of the material under expected waterflow with maximum local velocities in the 
order of 10-12 m/s, as well as to assess the long-term behaviour of the material subjects to 
different exposure conditions. 
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ABSTRACT: In tunnel drives with a slurry-supported face, the excavated soil is necessar- 
ily subjected to mechanical and hydraulic actions, both in the excavation chamber and 
during hydraulic conveyance. Slurry shield tunnel excavation in semi-solid to solid clay and 
claystone environments can lead to the dispersion (slaking) of the soil aggregates. These 
become detached as gravel to stone size chips, but in extreme cases, they may separate fur- 
ther into fine particle aggregates. This raises the question of how much effort is required to 
remove the fines from the slurry. Large chips can be relatively easily removed, for example 
by sieving, but fine aggregates are much more difficult and costly to eliminate, requiring 
the use of, for instance, filter chamber presses and centrifuges. To date, few studies have 
focussed on the dispersion potential of fine-grained soils or rocks during slurry shield exca- 
vation, despite the economic urgency of this issue. Our experimental study aims to address 
this topic and fill the gap. 


1 INTRODUCTION 


Slurry shield tunneling (mechanised tunneling with a fluid-assisted face) exerts repeated mech- 
anical and hydraulic stress on the excavated soil, both in the excavation chamber and along the 
subsequent piping leading to the separation plant above the subsurface (MaidI et al., 2011). In 
slurry shield driving, the excavation chamber is filled with supporting fluid and here begins the 
loosening process of the soil at the working face. A mixture of excavated soil and supporting 
fluid then exits the excavation chamber (although, depending on the size of the excavated soil 
aggregates, crushing may also be necessary), which is generally pumped above ground through 
a pipeline system. The extracted soil material is separated from the pumped fluid in a multi- 
stage separation process. While large aggregates can be relatively easily separated from the sus- 
pension using sieves in the separation plant, it takes great effort and cost-intensive measures to 
remove fine-grained clay aggregates. According to Weiner and Thewes (2018), conflicts often 
arise during execution between the contractor and the client with regard to the actual effort 
expended, often resulting in significant additional costs if the expected range of the fines con- 
tent is exceeded. Therefore, when performing a cost estimation, it is also necessary to draw up 
a forecast of the potential fine grain disaggregation, using a combination of experimental inves- 
tigation, semi-empirical and analytical methods, and experience. 


2 LITERATURE REVIEW 
According to the definitions given by Baumgartel et al. (2012) and Weiner and Thewes (2018), 


dispersion refers to the breakdown of a substance (here, soil aggregates) into its individual 
particles and the distribution of these particles within a liquid. 
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There are only few studies in the literature that deal with the dispersion of fine-grained soils 
in slurry shield tunneling. Experimental and theoretical studies by Baumgartel et al. (2012), 
Fillibeck et al. (2016), Weiner and Thewes (2018) and Schindler (2022) have led to a better 
understanding of the complex theme of dispersion (the tendency to disaggregate) in the con- 
text of fine-grained soils in slurry shield tunneling. Baumgartel et al. (2012) and Fillibeck et al. 
(2016) developed two novel experimental techniques: the small-scale “hydraulic slake index 
test” (HSIT) and the large-scale “wheel tyre test” (WTT). They carried out extensive experi- 
ments to investigate the influence of transport time, speed and fluid on dispersion tendency. 
More recently, Schindler (2022) conducted large-scale tests to investigate, among other things, 
the dispersion tendency of coarse- and fine-grained soil mixtures. The mechanical stress result- 
ing from the joint hydraulic transport of fine-grained and coarse-grained sample material was 
increased by adding gravel to the WTTs. This led to a significant increase in the dispersion 
tendency of the fine-grained soil. Weiner and Thewes (2018) expanded the experimental data- 
base with their small-scale “modified slake durability tests”, which followed the recommenda- 
tions made by Herzel (2002). 


3 SAMPLE AND PROCEDURE 


3.1 Test material 


The experiments were conducted in the Zentrum Geotechnik laboratory at the Technical Uni- 
versity of Munich. The tests were performed on in-situ clay samples extracted in southern Ger- 
many, originating from the Tertiary Period. Up to 4.2 kg of sample material is required for 
each test, depending on the test type and the total number of tests to be conducted. To supply 
such quantities in a sufficient homogeneity for comparative serial tests, mixed samples were 
used, taken from cores of 10 cm in diameter from the same soil type. The soil aggregates were 
produced manually to attain the required size for the tests. The slurry shield tunnelling process 
requires the soil aggregates to pass through several pumps during transportation from the 
slurry shield excavation chamber to the separation plant. According to Maid] et al. (2011), the 
pump openings have diameters of 10-50 mm. For this reason, the tested soil aggregates are also 
approximately 10 mm to 50 mm in size, with individual aggregate masses of approximately 40- 
60 g. The final mixed samples comprised predominantly medium plastic to highly plastic semi- 
solid to solid clays with a water content of approximately 13-19 %. Figure 1 shows an example 
of a mixed sample before testing and its corresponding grain size distribution before and after 
the test (in this case with full dispersion during the test). 


3.2 Hydraulic Slake Index Test (HSIT) 


The hydraulic slake index test (HSIT) was developed at the Zentrum Geotechnik of the Tech- 
nical University of Munich (Baumgartel et al., 2012; Fillibeck et al., 2016), following on from 
the studies on the destructuration of solid rocks (Herzel, 2002). The test assembly of the HSIT 
consists of a sample container (drum), a trough, and a motor drive (see Figure 2(a)). Hydraulic 
transport in the pipeline system is simulated by rotating the sample container. In addition to 
the mesh sieve (mesh drum wall, see Figure 2(b)) prescribed in (Herzel, 2002) as the sample 
container, a plexiglass cylinder (solid drum wall, see Figure 2(c)) was configured for compari- 
son purposes. In the tests, the solid wall drum is completely filled with transport fluid. The 
setup and procedure are described in detail in (Baumgartel et al., 2012). 


3.3 Wheel Tyre Test (WTT) TUM-ZG 


Figure 3 shows the second, large-scale test device at Zentrum Geotechnik, used to perform the 
“wheel tyre test” (WTT). 

This consists of a delivery tube (diameter 200 mm) attached tangentially to a rim-hub struc- 
ture. The diameter of the construction as a whole is approximately 160 cm. The tube is filled 
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Figure 1. (a) Example of the sample material prior to the experiment; (b) Grain size distribution of 
a sample before testing and following full dispersion after the test. 
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Figure 2. (a) Test set-up of the hydraulic slake index test (HSIT); (b) Mesh wall drum; (c) Solid wall 
drum. 


with the sample material and the transportation fluid is then added. The tube is then sealed 
and the wheel tyre rotated about its axis by means of an external drive. As with the HSIT, 
a relative movement is generated between the tube wall and the soil sample, which simulates 
the sliding, rolling and jumping motions of the transported soil aggregates over the bottom of 
the delivery tube. The rotational speed controls the transport speed in the tube system. Fur- 
ther details regarding the development of the experiment can be found in (Baumgärtel et al., 
2012; Fillibeck et al., 2016). 


3.4 Experiment analysis 


3.4.1 Sieving 

On completion of the test, the soil sample was poured through 2.0 mm, 0.2 mm, 0.125 mm and 
0.063 mm sieves to quantify the slake, while the testing liquid was collected in a container. The 
mesh sizes of the sieves are based on the separation sections specified in the separation plant 
for separating the soil material from the slurry (Maidl et al., 2011). Baumgartel et al. (2012) 
and Fillibeck et al. (2016) proposed the hydraulic slake index I, [-] as a sieve evaluation param- 
eter for assessing the dispersion tendency. This index describes the mass ratio of a considered 
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Figure 3. Wheel tyre test (WTT). 


grain size of < x mm between the natural sample and the strained individual sample after the 
test. For instance, a full dispersion of the sample would lead to I, = 1.0. 


3.4.2 Analysis of the suspension density and dispersed mass 
There are two methods to determine the dispersed fine particle mass Maisp to assess the disper- 
sion degree dpisp for particle diameters d < 0.063 mm. Weiner and Thewes (2018) as well as 
Schindler (2022) proposed to determine the suspension density after the test to assess the dis- 
persed fine particle mass Maisp or the dispersion degree apjs, for particle diameters d < 
0.063 mm from the change in density of the suspension. In this study, we simplified this 
method as we directly measured the weight of the whole suspension mass Msus,ı after the siev- 
ing process described in Section 3.4.1. Hence, the mass difference between Msus,ı during/after 
the test and mgyso at the beginning of the test results in the dispersed fine particle mass Mgigp. 
The following method of determining the dispersion degree apj,, is summarised below. For 
further information on the calculation of Maisp and apisp, please refer also to (Weiner and 
Thewes, 2018) and (Schindler, 2022). 

First, the dispersed fine particle mass mgjs, can be derived from the difference of the whole 
suspension mass before and during/after the test: 


Mdisp = Msus,1 — Msus,0 (1) 


Mdisp dispersed fine particle mass Maisp for particle diameters d < 0.063 mm [g] 
Msusı Suspension mass during/after the test [g] 
Msus,o Suspension mass before the test [g] 


The dispersion degree agisp is then determined. 


Adisp = e - 100 (2) 


adip Dispersion degree [%] 
Mgisp Dispersed soil mass [g] 
mo Initial sample mass [g] 
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The dispersion degree apisp as defined by Weiner and Thewes (2018) describes the ratio between 
dispersed soil, determined from the change in suspension density, and the mass of the saturated 
(wet) soil sample prior to commencement of the test. For example, if the percentage of dispersible 
fines in a soil sample is low, then apjsp for this soil cannot be relatively high, even if the sample 
disperses completely. The dispersion degree is therefore only partially suitable for comparing dif- 
ferent soils. To overcome the limitation of apisp, we have introduced the normalized dispersion 
degree @pisp in this study. Here, the dispersion degree of the sample after the test is normalized 
using the maximum dispersion degree that would occur if the sample fully dispersed compared to 
its natural grain size distribution. 


Adisp 


aDisp = - 100 (3) 
Odisp,max 
@Disp Normalized dispersion degree [%] 
disp Dispersion degree of sample after test [-] 


@dispmax Maximum dispersion degree after full dispersion comparedto the natural grain size distribution 
of the sample [-] 


4 TEST RESULTS 


4.1 General 


In this study, we present several test series that reflect the following influences on the disper- 
sion of fine-grained soils: 


° Influence of transport distance or transport time 

¢ Influence of transport speed (revolutions per minute) 
¢ Influence of the transport fluid 

° Influence of the testing device scale 


The results of both the small-scale HSIT and the large-scale WTT are presented and dis- 
cussed in the following. 


4.2 Hydraulic slake index test 


4.2.1 Influence of transport time and transport speed 

Figure 4(a) shows the evolution of the normalized dispersion degree a@pjsp for a conveying dur- 
ation of 10 to 60 minutes as a function of the transport speed (rpm = number of revolutions 
per minute). 

Normalized dispersion degrees of approximately 4-19 % are determined for a transport time 
of 10 minutes at 20 rpm. These increase slightly to approximtely 7-23 % for a transportation 
time of 20 minutes. The dispersion degrees thus increase with increasing transport time. Never- 
theless, the dispersed fine grain mass of d < 0.063 mm that remains in the slurry is relatively 
low (values for @pisp << 100 %). The dispersion degrees in the comparative tests (transport 
time 20 minutes) at a very high rotation speed of 148 rpm are on average significantly higher 
than in the tests at 20 rpm. Moreover, these tests approach a limit value after a transport time 
of 40-60 minutes, whereby the fine content of the soil aggregates does not disperse further. Full 
dispersion of the testing material is therefore unlikely. Figure 4(a) shows a normalized disper- 
sion degree that increases with increasing transport time and increasing transport speed, since 
the mechanical stress increases with higher transport time and transport/rotation speed and 
thus more material disperses. Furthermore, regarding the influence of transport time and trans- 
port speed, our results are in accordance with the experimental data reported by Baumgartel 
et al. (2012) and Weiner and Thewes (2018). Figure 4(b) shows the time-dependent evolution of 
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Figure 4. (a) Normalized dispersion degree @pjsp over transport time as a function of transport speed; 
(b) Soil moist mass fraction with an aggregate diameter of >2.0 mm over transport time as a function of 
transport speed. 


the wet soil mass fractions with aggregate diameters of > 2.0 mm from the series tests shown in 
Figure 4(a). Here, the wet soil mass refers to the sample mass that was separated from the trans- 
port fluid by sieving. No drying process was carried out. It can be seen that at both speeds, 
a large proportion of the initial sample mass with grain diameters or aggregate diameters of > 
2.0 mm has dispersed after 10-20 minutes. By increasing the transport time to 60 minutes, this 
tendency continues. The results shown in Figure 4(a) and 4(b) indicate a considerably high dis- 
persion tendency for the investigated sample material. 


4.2.2 Comparison with data from the literature 

Weiner (2018) and Weiner and Thewes (2018) conducted comprehensive investigations of vari- 
ous fine-grained soils to determine their dispersion tendency. These tests were carried out using 
a sample container with a mesh drum wall (mesh sieve). Figure 5 compares the semi-solid to 
solid clay investigated in this study with fine-grained soils from Weiner (2018), which have simi- 
lar soil mechanical characteristics. Note that the literature data in Figure 5 shows mean values. 
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Figure 5. Normalized dispersion degree Disp Over transport time as a function of the characteristics of 
the sample container compared to literature data. 
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Our results (solid black symbols) show qualitatively similar behaviour to the data in the lit- 
erature. In fact, the dispersion degrees are of a similar order of magnitude as the results of the 
tests conducted by Weiner (2018). The dispersion tendency of clays tested by us was of a value 
between the results for Berlin Marl on the one hand and London Clay and chalk on the other. 


4.3 Wheel tyre test 


4.3.1 Influence of transport time and transport fluid 

Both the sample preparation and the execution of the large-scale WTT resulted in a significantly 
higher effort that in the HSIT described in 4.2, which necessitated a reduction in the number of 
tests compared to the small-scale HSIT. Figure 6 shows the evolution of the normalized disper- 
sion degree @pjsp as a function of the transport time and the transport fluid. 

As with the HSITs described in 4.2, the dispersion degree in the WTT also increased with 
increasing transport distance or transport time, as expected. After a transport time of 30 min- 
utes, a normalized dispersion degree of approximately 65 % was attained using mains water. 
Moreover, transport fluid containing bentonite had a positive influence on dispersion, result- 
ing in a lower dispersion degree than with the tests using mains water. However, it should be 
noted that the bentonite content analysed here is comparatively high for slurry shield drives in 
fine-grained soils. Nevertheless, the investigations by Baumgartel et al. (2012), Fillibeck et al. 
(2016) and Schindler (2022) also showed that a smaller disaggregation occurs when bentonite 
slurries are used in contrast to the use of mains water as a transport fluid. Moreover, the dis- 
persion degree for WTTs is greater than for HSITs. The next section focuses on the influence 
of the testing device’s scale. 
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Figure 6. Normalized dispersion degree @pjsp over transport time as a function of transport fluid. 


4.3.2 Influence of testing device’s scale 

As discussed in 4.3.1, the normalized dispersion degrees using WTT were greater than for 
HSIT. In this section we use the hydraulic slake index Ix, introduced in 3.4.1 to further assess 
the influence of the testing device’s scale on the dispersion tendency. Figure 7 compares the 
time-dependent evolution of both HSIT and WTT. Here, Io.2 mm denotes the ratio of the dis- 
persed mass with fractions of < 0.2 mm compared to the maximum fraction mass of < 0.2 mm 
of the natural grain size distribution of the test sample. 
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Figure 7. Hydraulic slake index lo 2 mm (dispersed mass fraction < 0.2 mm) over transport time for 
HSIT and WTT TUM-ZG [HSIT data after Fillibeck et al. (2016)]. 


It can be seen that a natural scatter occurred in both test types. Nevertheless, the mean values 
of Io.2 mm for WTTs are greater than for HSITs for all transport times. Even after a transport 
time of 120 minutes, there was no full dispersion with HSITs. In contrast, two specimens tested 
with WTT were fully dispersed after transport times of 30 and 60 minutes, respectively. To sum 
up, when conducting project-specific investigations to assess dispersion tendency, it should be 
taken into account that the large-scale WIT more realistically reflects the actual conditions of 
in-situ pipeline transport. In contrast, the HSIT in Section 4.2 — as the name suggests — is merely 
an index test. The dispersion tendency for the WTTs in Figure 6 is more pronounced than for 
the HSITs in Figures 4 and 5. In fact, these findings follow those of the studies by Baumgartel 
et al. (2012), Fillibeck et al. (2016) and Schindler (2022), who also derived a scale effect from 
their comparative test results. 


5 SUMMARY 


The dispersion of fine-grained soils has long been a subect of investigation in fundamental 
and applied research projects at the Zentrum Geotechnik at the Technical University of 
Munich. This study presents both comprehensive small-scale hydraulic slake index tests and 
large-scale wheel tyre tests that examine the tendency of soil to disperse during hydraulic 
transport. Transport time, speed and fluid were investigated along with the testing device’s 
scale to determine their influence on the dispersion of fine-grained soils during slurry shield 
tunneling. The results can be summarised as follows: 


e Overall, the test results display a degree of scatter as a result of differences in sample mater- 
ials. We therefore recommend performing sufficient tests when conducting project-specific 
investigations. 

* The dispersion increased with increasing transport time. 

¢ With increasing transport speed, the dispersion also increased. 

e The use of bentonite was found in some cases to significantly reduce the dispersion ten- 
dency compared to the use of mains water as a transport fluid. 

° The large-scale WTT more realistically reflects the actual conditions encountered in in-situ 
pipeline transport. Moreover, the dispersion tendency for large-scale wheel tyre tests is more 
pronounced than with small-scale hydraulic slake index tests. 
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When assessing the dispersion tendency, engineers must pay particular attention to the design 
of the excavation tools, how they are operated, and how the overall process of soil excavation is 
performed (for example, the feed and rotational speed of the slurry shield machine). It is also 
important to take the operation of the hydraulic transportation system into account, as this can 
have a decisive additional influence on the dispersion tendency of the excavated soil layers. 

In conclusion, the dispersion tendency of fine-grained soils is a significant cost factor for 
slurry shield tunneling projects. It is therefore advisable to conduct a comprehensive investiga- 
tion of the dispersion tendency of fine-grained soils as part of the planning process and thus 
to assess the potential fine-grain disaggregation. The test devices described in this study are 
well suited to conducting such preliminary estimations. Such tests are also helpful for elimin- 
ating conflict between contractor and client in advance. 
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ABSTRACT: The paper describes the complex site logistic and the challenging underground 
operations for the realization of the 14.7 km long tunnel excavated by the EPB TBM and the 
4.3 km of micro tunnels executed by two Pipejacking MTBM. The tunnels are only a part of the 
Central Interceptor of Auckland, an extended infrastructure that will constitute the largest was- 
tewater project in New Zealand, for stormwater and wastewater control, avoiding the 80% was- 
tewater overflowing in any weather condition. The tunnels are being excavated in geological 
formations constituted by Kaawa Formation, Tauranga, East Coast Bays Formation (ECBF), 
Parnell Volcaniclastic Con-glomerate (PVC) and Basalt (with a water pressure up to 3.5 bar). 
A 1.5 km stretch of the TBM Tunnel will be excavated under Manukau Harbour at a depth of 
35 m. One bilobular Shaft constructed with diaphragm walls was built for the launching of the 
TBM. Additional sixteen circular shafts, excavated with various mining methods, will be crossed 
by TBM and Micro TBM tunnels. The paper will illustrate the site installation for optimising 
the tunnelling operation, the selection and configuration of the TBMs in compliance with strict 
technical specifications, new methodologies for the launching of the TBM and supporting the 
TBM along the tunnel construction. Special consideration has been given to the treatment and 
reuse of the extracted material, minimising the environmental impact of the project. All the 
works have to be carried out with consideration for community and stakeholders in the popu- 
lated area of the city of Auckland. 


1 INTRODUCTION 


In the older parts of central Auckland, the most populated city of New Zealand, wastewater 
and stormwater currently flow into a combined network of pipes which were designed to direct 
overflows into nearby creeks and streams. The Central Interceptor Project is a giant wastewater 
tunnel-network project that will mitigate overflows of wastewater coming from central Auck- 
land going into the city’s waterways, helping to make them cleaner. The new tunnel-net, will be 
constituted by a 14.7-kilometer-long main tunnel, with an internal diameter of 4.5 m, excavated 
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by the utilization of a TBM, and a total of 4.3 km of secondary tunnels, given by two add- 
itional link sewers of 2.1 m and 2.4 m internal diameter, realized with a Pipejacking Micro- 
TBM. The giant-sized wastewater Main Tunnel will run between the Mangere Wastewater 
Treatment Plant, in the southern part of the city, and Grey Lynn, in the Auckland city center, 
at a depth between 15 and 110 meters below ground level. It will cross the Manukau Harbor at 
the lowest overburden of 15 meters under the seabed, at a total depth of 40 m under the sea- 
level. Along the route it will be connected to the existing wastewater network, which will divert 
flows and over-flows into the main tunnel, with the help of the link sewers, that will split from 
the main tunnel from the May Road site (Link Sewer C) and Mount Albert site (Link Sewer 
B), toward the western part of the city, respectively to the Pumping Station 25 site and Rawal- 
pindi Reserve site (Figure 1). TBM and MTBM drives, will face various geological and geo- 
technical conditions, in particular, the alternation of two formation, causing mixed ground 
condition, and will pass under the Harbor and under the city, with the necessity to minimize 
the surface induced effects. 


P Central interceptor 
© Main construction site 
© Construction site 


gp Construction start 
dates at each site 


Figure 1. Plan view of central interceptor project. 


The Central Interceptor main tunnel, at the works completion, will collect, store and 
convey wastewater coming from the existing pipe network, and from the link sewers, to the 
Mangere Wastewater Treatment Plant to be processed. The whole project includes, in add- 
ition, the realization of one bi-lobular (peanut-shaped) shaft at the Mangere Pumping Sta- 
tion and other sixteen circular shafts, each one characterized by different diameter and 
depth, disposed along the tunnel alignments, as well as various surface civil works (build- 
ings, retaining walls, etc..). It has to be noted that the client, Watercare Services Limited, as 
a part of the contract, is supporting the Contractor verifying the correct execution of the 
activity. The specifications are define in detail the requirements that had to be fulfilled 
regarding the construction, the health and safety of the workers, the impact on environ- 
ment and population. This paper, after an explanation of Geological/Geotechnical Condi- 
tions that has to be encountered along the tunnels’ alignments, will focus on the solutions 
presented to cope with all the above-mentioned conditions, and face such complex logistic 
and technical restraints. 
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2 GEOLOGICAL AND GEOTECHNICAL CONDITIONS 


One of the main challenges during the construction of the main tunnel is the heterogeneous 
geology, especially at the first section of the alignment. Moreover, the main tunnel’s alignment 
falls often in the transition zone between 2 formations, creating mixed face conditions which 
require constant adjustment in the soil conditioning and close monitoring in face pressures. 
The tunnel alignment is always located below the water level table and is crossing the Manu- 
kau Harbor for about 1.6 km with the lowest overburden of 15 m. Moreover, the tunnel align- 
ment is passing under Hillsborough hill where the highest overburdens of 110m and maximum 
hydrostatic pressure of 8.7 bar are encountered. 


2.1 Kaawa Formation 


Kaawa Formation consists of poorly graded medium dense to dense fine silty sands, medium 
sands, and gravelly shell fragments, interbedded with layers of medium to coarse sand and 
organics. 


2.2 Tauranga Group 


This formation comprises a mixture of laterally discontinuous sands, silts and clays with vari- 
ous amounts of organic material, with a horizontal permeability typically an order of magni- 
tude greater than the vertical permeability. 


2.3 East Coast Bays Formation (ECBF) 


The East Coast Bays Formation (ECBF) is the central flysch sequence of the Waitemata 
Group and is characterized by alternating, graded-bedded, silty, muddy sandstones and lamin- 
ated mudstones. The ECBF forms the bedrock and underlies the rolling hill country of most 
of the Auckland region. 


2.4 Parnell Volcaniclastic Conglomerate (PVC) 


The Parnell Volcaniclastic Conglomerate (PVC), also known as the Parnell Grit, is a unit within 
the ECBF. The PVC comprises a pebble to boulder size conglomerate or a pebbly sandstone, 
conspicuously dominated by clasts of volcanic origin. The PVC unit is a coarse sandstone to con- 
glomerate, found as lenses within the ECBF. 


2.5 Basalt 


Basalt includes all lava identified within the project area and can comprise a range of rock 
masses including intact basalt, and a combination of columnar jointed, vesicular and rubbly 
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Figure 2. Geological profile - Main tunnel. 
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basalt. Depending on the degree of fracturing and the number of voids, basalt can be extremely 
strong. Laboratory tests of this unit showed an average UCS of 120 MPa and 290 MPa as max- 
imum for intact basalt. 


3 TUNNELING, MICROTUNNELING AND SHAFTS PROPOSED SOLUTIONS 


3.1 Main tunnel — TBM tunnel 


The main tunnel will start at the Mangere Pumping Station (MPS) site and will run from the 
bottom of the 40m deep shaft, uphill at 0.1% up to the intermediate station of May Road 
(approx. 7,550m). For operational reasons the Southern part of the tunnel must be handed over 
to the project owner Watercare, while the remaining part of the tunnel, from May Road to Grey 
Lynn (approx. 7,150m) is still under construction. The selection of the TBM facilities relocation 
has been driven by optimization of the overall program, with a view to minimizing the time 
through which both South and North sections are operational. The TBM is assembled and 
launched using the MPS shaft for all the logistics movements (spoil and segment/material hand- 
ling etc.) and cranage liftings. After the completion of TBM assembly in its full length, the logis- 
tics are transferred to the Inlet Chamber allowing the completion of the permanent installations 
on the Pumping Station. There is a physical separation between the 2 shafts once the tunneling 
and Mechanical Electrical operations are ongoing. Both the MPS and May Rd Shaft sites will be 
established with an acoustic shed to facilitate 24-hour tunnel operations. 


Table 1. Main tunnel — Summary of TBM drives. 
Drive No. From To Length 


1 Mangere Pump Station May Road 7,550m 
May Road Tawariki St. 7,150m 


3.1.1 Segmental lining design 
The lining is formed using precast segmental elements with the configuration of 6+0 pieces 
and the following geometry: 


— Inner Diameter: 4,500mm 
— External Diameter: 5,155mm 
— Length: 1,600mm 


Each segment is 327.5mm thick. The segmental lining has been sized based on the following 
criteria: 


— 244.5mm structural thickness 
— 80mm sacrificial thickness 
— 3mm Polyethylene (HDPE) Corrosion Protection Lining (CPL) 


The tunnel basis of design is as follows: 


e Segmental Lining to apply Universal ring with 6+0 Segments 

e Dowels as Circumferential Joint Connector 

e Guiding Rods as radial joint connectors 

e 2 main segment types of reinforcement: a) Hybrid segment (i.e. Steel Fibers and Conven- 
tional Rebar) at soft geological formations and, b) SFRC segment when more competent 
formations are encountered 

e Segment width and tapering are designed to navigate the minimum curve of 300m radius. 

e A one-pass lining system will be applied, where the CPL is cast into the precast concrete 
segments. At the segment joints, PE membrane is to be welded accordingly. 

e Each reinforcement type corresponds to different CPL color. There are 5 different reinforce- 
ment types. 
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3.1.2 TBM Type & Characteristics 

Based on the Project Specifications and the Geological/Geotechnical conditions, it was decided 
to use an EPB-TBM (Earth Pressure Balance — Tunnel Boring Machine) for the excavation of 
the Main Tunnel. The EPB TBM has a nominal boring diameter of 5,470mmThe EPB TBM is 
equipped with an air lock chamber allowing the works and maintenance to be carried out under 
compressed air. The TBM is also equipped with a probe drilling machine capable of performing 
drills along the shield, including the use of preventers to stabilize the face pressure during drilling. 
The TBM shields are designed to cope with a minimum required curve radius, which is 300m, 
and the cutterhead is equipped with extendable copy cutters to allow selective over cut to take 
place. Moreover, the cutter head is equipped with wear detectors which are able in real time to 
notify the crew about the wearing status of the cutting tools. 


Figure 3. Segment lining with embedded HDPE membrane. 


Figure 4. TBM during the process of FAT & Assembly. 


Some additional key technical characteristics of the selected TBM are: 


Table 2. Key TBM characteristics. 


Item Characteristics 
Excavation Diameter 5,470mm 
Cutter Head Design Open Ratio 38% 


Mixed Ground Conditions 
17” cutter discs/rippers 


Shield length 11,200mm 

Total length 190m 

Thrust Force Nominal 33,778kN — Max 40,534kN 

Erector Mechanical gripping system 

Main Drive Unit Hydraulic type — 2,600mm dia 
4,200kNm nominal torque 

Screw Conveyor 15m long — Single type — 2 


guillotine doors (outlet) 
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3.1.3 TBM capabilities 

A Herrenknecht EPB TBM is chosen for its configuration and capability. The general layout 
and specification for the EPB type TBM is based on 5 bar nominal TBM operating pressure 
and 10 bar static pressure. The nominal operating pressure refer to normal EPB advance 
using the screw conveyor for mucking and control of face pressure. The static pressure refers 
to general static loading of the shield structure and sealing system of the main drive and tail- 
skin. Although the operating face pressure is expected to be no more than 3.5 bar, the selected 
main drive sealing system consists of a 4-lips outer sealing capable to withstand at 10 bar of 
static water pressure, while with pressurization, main drive can achieve 9 bar operating pres- 
sure. Specific measures can be in place to enable the machine to operate safely if high pres- 
sures are encountered, as potentially the highest hydrostatic pressure is 8.7 bar. 

These measures include: 


° Strengthened shield steel structure to cope with 10 bar static pressure 

¢ Equipped with 4 rows of tail-skin brushes 

e Screw conveyor equipped with 2 guillotine type gates at screw outlet which are capable to 
seal against the maximum hydrostatic pressure 

e Main drive pressurization to deal up to 9 bar operating pressure 

e Provision of a hydraulic high-pressure circuit for TBM thrust system providing emergency 
propulsion capacity up to 48,000KN. 

e Use of a positive displacement pump for muck discharging 


Figure 5. Positive muck displacement pump. Figure 6. TBM launch shaft — Mangere. 


3.1.4 TBM launching 


3.1.4.1 Site layout 

The layouts for each site have been designed to ensure safe and efficient operations on a 24- 
hour working program. Key safety considerations such as the separation of plant and person- 
nel, the safety of the public and compliance with the requirements of the Mining Regulations 
have driven the decision making around site layout and entrance and egress locations. The 
TBM launching shaft is a peanut-shaped shaft which eventually will host the Pump Station 
which will convey the wastewater and stormwater to the existing Mangere Wastewater Treat- 
ment Plant. Once the TBM reaches May Rd shaft, the tunnel of the Southern section can be 
commissioned and handed over, while the TBM continuous mining the Northern tunnel sec- 
tion. To achieve this goal, a full logistics and services relocation will take place from the 
launching shaft (MPS) to May Rd shaft. Moreover, a bulkhead door inside the tunnel will 
physically separate the Southern and Northern tunnel sections. 


3.1.4.2 Push frame 

Due the limited space in the launching shaft, the G-AJV together with the Tunnel Division 
Department in the main office in Rome, designed the starting system to successfully launch 
the 5.45 m diameter TBM in Mangere shaft. The macro components of the equipment are: 
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Figure 7. Push frame - 3D visual. 


— Item 1: Shuttering Pipe; 

— Item 2: Seal Ring; 

— Item 3: Auxiliary Starting Frame; 
— Item 4: Starting Frame; 

— Item 5: Tie Rods; 

— Item 6: Steel Rings; 

— Item 7: Hydraulic Cylinders; 


The Shuttering Pipe, embedded in the excavation front, is bolted to the Seal Ring and provides 
its support; these two elements, through a system of gaskets, guarantee a pressure maintenance in 
the excavation chamber up to 3.6 bar. The Auxiliary Starting Frame (Item 3) represents the fixed 
point of the system; it rests on the walls of the shaft along which the reaction forces are discharged 
and is connected to the Starting Frame (Item 4) with 14 Tie Rods. (see Figure 7-8). The Starting 
Frame is the mobile element of the system and is bolted to the Steel Rings (Item 6) which are the 
point of contact with the TBM through its thrust cylinders. The Starting Frame pushes the TBM 
through a system of hydraulic cylinders (14 units grouped in 4 sectors) mounted on the tie rods 
and operated by a power unit installed on the TBM’s back-up. The Starting Frame pushes the 
TBM through a system of hydraulic cylinders (14 units grouped in 4 sectors) mounted on the tie 
rods and operated by a power unit installed on the TBM’s back-up. The maximum speed allowed 
by the system, in this project, was set at 22 mm/min with a total thrust of 15000 kN; during the 
pushing phase it is possible to vary the speed of the system and control sectors independently 
from each other. 


Figure 8. Pushing frame — Section. 
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3.2 Mucking treatment 


The characterization of the excavation material and its subsequent storage/disposal are very sensi- 
tive aspects in the technical and environmental management of the project, as a result of the not 
negligible restrictions imposed by the original Particular Specifications in term of environmental 
management of the spoil. The correct use of soil conditioning foams and polymers is essential for 
a successful and efficient TBM drive, in EPB technology particularly. According the Particular 
Specification provided by Watercare the characterization of the spoil was based on the moisture 
content only, and the limit imposed was within 22% for free disposal in Puketutu Island. Consid- 
ering the extreme variability of the natural water content (Wn) in the geological Units expected 
(15%-30%, with max value of 42%), frequently this parameter exceeds the limit indicated in the 
Particular Specification and the material have to dispose in different area. Specific tests have been 
carried out by the Geotechnical Department of La Sapienza University of Rome, by progressively 
increasing the water content in the previously conditioned soil (according to the conditioning 
parameters preliminarily defined for each geological Formation) and verifying the soil rheology 
in term of physical characteristics and workability. The results allowed to define the new water 
content limits for each geological Unit, incrementing the original value up to 32%. 
The geotechnical characteristics of the treated soil have been evaluated in terms of: 


> modification of the soil consistency, represented by flow diameters measured on the DIN 
flow table after different phases of conditioning; 

compactability with Proctor modified effort; 

compressibility of the treated soil after compaction; 

shear strength of the compacted soil. 


VV VY 


The results achieved in the experimental activity described here were aimed at comparing 
the effects of two additives used for water retention and for improving the workability of the 
soil excavated with EPB technologies, as summarized below. 


© Both lime and absorbent polymer, added into the conditioned soil in over-saturation condi- 
tion (moisture content > 32%), proved to be effective in reducing the fluidity of all soils, 
managing to produce a workable paste. It should be noted that the quantity of polymer 
required for an adequate treatment is about 0.05% by weight of soil, far lower than the 
quantity of lime that is about 5% but could be probably reduced at 2-3%, given the good 
performances demonstrated. 

© Both lime and absorbent polymer allow reaching about 80% of the optimum dry density 
estimated for these soils at a water content higher than 32%, with the lime being slightly 
more effective. 

o The treatment affects the compressibility differently for each soil, in particular lime seems 
to work more efficiently on Kaawa Formation and Tauranga Group Formation, increasing 
the stiffness, while the compression indexes of East Coast Bay Formation don’t seem very 
influenced by the type of additive used. 


Both treatments tested show good performances regardless of the type of soil and can be 
chosen according to the specific needs of the jobsite. 


4 PROGRESS OF WORKS 


The TBM excavation works started on mid-August 2021 from Mangere Pump Station, at the 
South side of the alignment. Due to the limited space of the launching shaft, approx. 37m, the 
190 meter-long TBM was assembled and launched through a consecutive process of partial 
assembly and staged excavation, using umbilical cables and hoses to connect the TBM with 
the required gantries which were placed on surface. Once the TBM was assembled, all the 
logistics and services were relocated in the Inlet shaft, allowing the permanent works in paral- 
lel on Pump Station. With the temporary site configuration for launching, the TBM com- 
pleted 370 meters in 4 months. However, the progress was severely affected by a long 
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nationwide lockdown due to Covid-19 outbreak. After the logistics relocation and by utilizing 
the 50 tons Gantry crane on surface and a Californian switch at the shaft bottom, facilitating 
the efficiency and safety of train movements, the Tunnel crew were able to complete 2,500m 
of tunnel in 6.5 months. 

Therefore, putting aside the TBM launching combined with the suspension during lockdowns, 
the monthly average production is ~385m, while the production of the best 30 days is 590m as of 
October 2022. The tunnel crew managed successfully the heterogenous formations and the transi- 
tion zones encountered in the first section of the alignment, including the weaker and more per- 
meable formations of Kaawa and Tauranga which require to maintain the face pressures >3bar. 
The remaining section of tunnel is predominately within ECBF soft rock formation where is 
expected that the TBM will keep constant and high productivity. The MTBM Pipejacking activ- 
ities, at the actual date of October 2022, are proceeding with no major issues, Drive 1 and 2 have 
been completed, and the MTBM is currently on her way to complete Drive 3, between Dundale 
Ave. and Miranda Reserve, for a total of almost 2,600 m already excavated on the Link Sewer 
C drives, and an average production greater than 350 meters per month, considering the starting 
date of May 2021, with a total of 1,700 m already to go, where considering the growing acquired 
knowledge of the ground, is expected the same or higher productivity. 


TBM Short Launching 


Covid-19 
outbreak 
on site 


rem 
Relocation 
in Inlet Shaft 


Figure 9. TBM Advance chart (October 2022). 


5 CONCLUSION 


In conclusion, an accurate selection of the TBM and MTBM types and characteristics, based 
on detailed analysis of the ground and on the knowledge of the crew, an innovative way pro- 
vided for TBM launching and site layout in order to cope with a complex logistic problem due 
to space and urban constraints, and a specific study on the mucking treatment, to cope with 
strict technical and environmental requirements, have been presented. All the efforts and the 
commitment that has been put in the study of the problems and in the technical solutions pre- 
sented, has made it possible to manage the beginning and the prosecution of the work in such 
challenging condition, with special care reserved for health and safety of the workers, impact 
on environment and local community, in compliance with client requirements. 
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ABSTRACT: TBM cutters are firmly in contact with the face when TBM is tunneling in the 
hard rock mass, and the cutter wear rate strongly affects TBM tunneling efficiency. However, 
the traditional manual measurement of the cutter wear has many limitations, such as the high 
labor intensity and potential measurement errors, while the most critical one is the manual 
measurement could not monitor the cutter wear in real-time. Consequently, the excessive and 
abnormal cutter wear cannot be timely found, which may cause some construction accidents. 
To tackle this problem, a cutterhead working status monitoring system was applied in several 
tunnel sites to monitor the cutter wear in real-time. Based on the collected data, three different 
cutter wear indexes were compared, and the most appropriate one was the loss millimeters in 
cutter radius per excavated rock mass volume, w,(mm/m°*). The normal cutter wear process 
curve was analyzed with the cutter tip shape and was divided into three stages, which were the 
acceleration wear stage, deceleration wear stage, and uniform wear stage, respectively. Finally, 
a simple equation was set up to predict the cutter wear based on the obtained datasets. 


1 INTRODUCTION 


With the continuous development of underground space, TBM has been the best choice for long- 
distance tunnel construction in hard rock due to the advantages of the fast tunneling rate, high 
degree of automation, safe working environment, and high comprehensive benefits (Geng et al., 
2016). As the key component for rock breaking, cutters are highly prone to wear, and their inspec- 
tion and replacement significantly impact the tunneling rate, cost, and working cycle (Liu et al., 
2017). At present, cutter wear is commonly measured by workers entering the cutterhead. Errors 
could be involved in the manual measurement due to high labor intensity. Besides, sometimes the 
cutter wear may even exceed the limit because of the postponed inspection arrangement. 

With the development of sensor, computer, and communication technology, some scholars 
and institutions have used sensor-monitoring technology to achieve the real-time monitoring 
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of cutter wear. Zhang et al. (2013) designed an online wear-monitoring device based on 
a photosensitive sensor. The measuring principle is that the number of laser lines changes with 
cutter wear. Sun et al. (2016) established a wireless real-time monitoring system by installing 
wear sensors at the cutter edge, which calculated the cutter wear value by monitoring the 
residual of the cutter edge. However, the sensor measurement ranges of the two systems were 
small, the wireless transmission communication quality was unstable, and the installation 
structure was fragile, all these problems limited their practical application. Zhang et al. (2017) 
introduced a real-time monitoring system for cutter wear and scrape cutter wear based on an 
eddy-current sensor and resistance grid, but the system was not tested on site. Lan et al. 
(2019) also established an online monitoring system based on the eddy-current sensor to 
obtain disc cutter wear by measuring the signal transmitting distance from the cutter edge to 
the sensor. Most of the aforementioned studies used an eddy-current sensor for monitoring, 
the demerits of which included the small measurement range, large power consumption, and 
short continuous monitoring time. Gong et al. (2021) used the magnetic sensor to develop 
a cutterhead working status monitoring system to obtain the cutter wear. The basic idea is the 
magnetic flux density generated by the excitation magnet in the sensor will decrease with the 
increasing cutter wear. At present, the system has been applied to several projects, and the real- 
time cutter wear records were successfully collected from different TBM tunneling sites. 

The study of cutter wear rate is beneficial to the optimization of a cutter replacement schedule. 
However, the interaction between rock mass and TBM cutterhead is complex. Rock mass charac- 
teristics, cutter parameters, and operational parameters will all affect the cutter wear. Tan et al. 
(2017) qualitatively analyzed the influence of cutter radius, penetration, and installation radius on 
disc cutter life, based on numerical simulation. Gehring (1995) and Hassanpour et al. (2014) 
explored the effect of rock mass parameters (CAI, UCS, etc.) on cutter wear using the cutter wear 
rate (Vs) and the cutter life (H;), respectively. Yang et al. (2005) tried to predict the cutter life 
based on the rock mass classification, and a quantitative relationship between rock mass classes 
and the consumption of cutter was obtained. Wu et al. (2015) used the partial least squares 
method to analyze the influence of operating parameters on cutter wear, including total thrust, 
torque, and penetration. In summary, the influencing factors of cutter wear can be categorized 
into three aspects, which are cutterhead parameters, rock mass parameters, and operating param- 
eters (Lan et al., 2020, Yang et al., 2016). However, the cutter wear value in the above studies was 
mainly measured by workers on site, which was not continuous and can’t be matched to the chan- 
ging rock mass parameters and operating parameters. In addition, the preceding studies lacked 
a uniform index for evaluating the cutter wear rate, so the results can hardly be compared. 

Based on the real-time cutter wear data obtained by the cutterhead working status monitoring 
system, this study discussed three indicators for evaluating cutter wear rate and analyzed the 
cutter wear rule. A cutter wear prediction formula is proposed by analyzing key parameters affect- 
ing cutter wear. 


2 SYSTEM INTRODUCTION AND ENGINEERING APPLICATION 


2.1 Introduction of the cutterhead working status monitoring system 


The cutterhead working status monitoring system mainly comprises multiple sensors, a central 
port, and a host computer, as shown in Figurel. The sensor sets consist of the cutter wear sensor, 
cutter rotation speed sensor, and temperature sensor. The cutter wear sensor is the magnetoresist- 
ive sensor, which can simultaneously meet the requirements of a wide measurement range and 
small size. An excitation magnet is equipped on the sensor, which generates a magnetic field 
around the sensor and cutter. As the cutter wear increases, the magnetic flux density changes, 
which is detected by the wear sensor and transmitted to the central port as a digital signal. 
A central port links with these sensors by wireless or cable and connects with the host com- 
puter through the network cable. The system software obtains the monitoring value by table 
checking or curve fitting according to the pre-calibrated data. In addition, the TBM operating 
parameters, together with, the corresponding geological conditions are input into the system 
to evaluate the whole working status. 


1268 


eames Cable | 
» » a > 
‘ 


Figure. 1. Layout of the monitoring system. 


2.2 Project overview 


The cutterhead working status monitoring system was installed on the cutterhead of different 
TBMs in three projects. The first project was the Huai-Fu section of Shenzhen Metro Line 12, 
and two identical dual-mode shields were adopted in the left and right lines. Over 1100 m rock 
stratum was excavated by the TBM mode. The rock mass classes along the tunnel were mostly 
class II and III, the rock type was mainly mixed granite, and the average uniaxial confining 
strength (UCS) of the rock was 97MPa. The second project was the Chaoer River-Xiliao 
River water conveyance project in Xing’anmeng, and an open-type TBM was used. The sur- 
rounding rock mass was mainly granite, while the rock mass classes were mostly class II to IV. 
As for the third project, a double-shield TBM was applied in the left line of the Chuang-Shi 
interval of Qingdao Metro Line 6. The excavated rock was mainly slightly weathered granite 
with a UCS of 70 to 93 MPa, and the rock mass class was mostly class II. 

The critical design parameters of the TBMs are shown in Table 1. The dual-mode shield TBMs 
used in Shenzhen Metro Line 12 were installed with 47 cutters of 18-in. Cutter 1# to 12# are the 
double-edged center cutters, Cutter 13# to 35# are the face cutters, and Cutter 36# to 46# are the 
gage cutters. Especially, the position of Cutter 46# is installed with two identical disc cutters, also 
known as copy cutters. The open-type TBM used in the Chaoer River-Xiliao River water convey- 
ance project was installed with 34 cutters, including 4 double-edged cutters in the center region, 17 
single-edged cutters in the face region, and 9 single-edged cutters in the edge region. The diameter 
of the double shield TBM used in Qingdao Metro Line 6 was 6.3m, and the maximum cutterhead 
speed can reach 7.4 rpm. It has 43 cutters on the cutterhead, including 4 double-edged center cutters 
(1# to 8#) of 17-in, 24 face cutters (9# to 32#) of 19-in, and 11 gage cutters (33# to 43#) of 19-in. 

Considering the structure and layout of the cutterhead, ten cutters in total were selected to 
install monitoring sensors on the dual-mode shield TBMs in Shenzhen Metro Line 12, as shown 
in Figure2(a). There were five monitored cutters in the left line, including four face cutters (23#- 
25#,35#) and one gage cutter (46-B#). The other five monitored cutters were in the right line, 
including three face cutters (134,28#,35#) and two gage cutters (42#,43#). For the Chaoer 
River-Xiliao River water conveyance project, six cutters were monitored on the open type TBM, 
including one center cutter (7#) and five face cutters (10#,13#,16#,214#,22#), as shown in 
Figure2(b). In Qingdao Metro Line 6, four face cutters (L0#,18#,24#,28#) were monitored on 
the double shield TBM, as shown in Figure2(c). After the monitor systems were installed, a series 
of validation tests were conducted to ensure that the systems were in normal working condition. 

Combined with the structure of the cutterhead and the cutter layout, 10 cutters were selected 
as the monitoring points for the system on the dual-mode shield in Shenzhen Metro Line 12, as 
shown in Figure2(a). There are five cutters in the left line, including four face cutters (23#- 
25#,35#) and one gage cutter (46-B#), and five cutters in the right line, including three face cut- 
ters (13#,28#,35#) and two gage cutters (42#,43#). Moreover, six cutters located in different 
positions were selected on the open type TBM in the Chaoer River-Xiliao River water convey- 
ance project, including one center cutter (7#) and five face cutters (10#,13#,16#,214,22#), as 
shown in Figure2(b). There are four face cutters (10#,18#,24#,28#) monitored by the system in 
the double shield TBM in Qingdao Metro Line 6, as shown in Figure2(c). After the system was 
installed, the whole system was tested, and the results showed that the system operated normally. 
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(a) (b) 


Figure.2. Cutterhead structure and the monitoring point layout. 


Table 1. Basic specifications of three TBMs. 


Dual-mode shield TBM in Open-type TBM in Double shield TBM in 

Shenzhen Xing’anmeng Qingdao 

Parameter Description Parameter Description Parameter Description 
Diameter 6470 mm Diameter 5200 mm Diameter 6300 mm 
Maximum thrust 4086 t Maximum thrust 11,340kN Maximum thrust 12,500 kN 
Torque 6686 kNm Torque 3340 kN :m Torque 3000 kN : m 
Number of cutter 47 Number of cutters 34 Number of cutters 43 

Cutter diameter 18 in Cutter diameter 17or19 in Cutter diameter 17or19 in 
Cutter spacing 69 mm Cutter spacing 76.5 mm Cutter spacing 73 mm 


3 DATA ANALYSIS 


3.1 Analysis of cutter wear rate 


The cutter wear rate can be used as an indicator to evaluate the cutter ring loss during TBM tun- 
neling. There are three common forms of describing the cutter wear rate: cutter wear per tunneling 
distance, cutter wear per cutter rolling distance, and cutter wear per excavated rock mass volume. 

The cutter wear rate of tunneling distance w, is the radial wear of the cutter ring per unit 
TBM tunneling distance(mm/m), which is expressed as follows: 


X 
i a (1) 


Where X is the cutter wear value on the 7” installation position (mm), and L is the cumula- 
tive tunneling distance of TBM (m). The cutter wear rate of cutter rolling distance w, is the 
radial wear of the cutter ring per unit cutter rolling distance (mm/km): 


Xp 
= ER (2) 


where p is the penetration rate (mm/rev), and R; is the cutter installation radius (m). To 
explore the relationship between the cutter wear and excavated rock mass volume, their ratio 
is defined as the cutter wear rate of the excavated rock mass volume w, (mm/m°), which is 
calculated by the following formula: 


X 
nL |(Ri+ 32)—(Ri— ¥ "| 


W= 


(3) 
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where S; is the cutter spacing (m). The wear rates of 20 monitored cutters were shown in 
Figure 3, and some discrepancies existed when different indexes were adopted to represent the 
cutter wear rate. In Figure 3(a), w, increased with the increasing cutter installation radius 
because of the longer cutter rolling distance. Whereas when w, was used, the effect of the 
cutter installation radius was normalized, and the discrepancy in w, of different cutter was 
reduced, as shown in Figure 3(b). The remaining slight discrepancy in w, was caused by cutter 
spacings. On a certain cutterhead, cutter spacings are not consistent in various zones. 

The effect of the installation radius and cutter spacing on the cutter wear rate can be simul- 
taneously normalized when w, was used. As shown in Figure 3(c), cutters of different types were 
distinguished by the filled shadow. Although there are discrepancies in cutter spacings of face 
cutters, w, in each project was consistent. Because the 35# cutter in Shenzhen is the outermost 
face cutter, a transition cutter from the face cutter to the gage cutter, w, is larger than other face 
cutters. w, of gage cutters was much larger than that of face cutters. Because gage cutters were 
the outmost cutters, they were susceptible to the secondary wear due to the rock slag accumu- 
lated at the bottom of the cutterhead. Consequently, the w, of gage cutters was three times that 
of the face cutter, according to the data collected in Shenzhen. As for the center cutters on the 
open TBM in Xing’anmeng, it should be emphasized that although the cutter spacings of center 
cutters were larger than those of face cutters, their w, was almost the same. The result proved 
that w, is a rational index to study the cutter wear. 
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Figure. 3. Comparison of cutter wear rate. 


3.2 The wear curve for a single cutter 


Compared with the manual measurement of the cutter wear, the wear data obtained by the 
system is real-time and continuous, which helped analyze the wear rule for a single cutter. 
Here, the historical wear data of 10# and 22# cutters were extracted from the monitoring 
system. Both cutters worked from zero wear to the limitation. Since the rock mass parameters 
are relatively consistent in this section, the data could reflect the whole normal wear process 
of a single cutter. The curves of the cutter wear value and w, versus the cutter rolling distance 
are shown in Figure 4 (a, b). 

The overall changing trends of the two cutter wears are analogous. The wear value grad- 
ually increased as the rolling distance increased. However, w, surged at first, then drastically 
decreased, and finally converged to a stable value; thus three stages could be divided. Since 
the rock mass conditions were consistent, the only reason accounting for this phenomenon 
should be the cutter ring geometry. The cutter ring geometry was shown in Figure 4(c), the 
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Figure. 4. Wear process curve of a single cutter. 


three wear stages were illustrated according to Figure 4 (a, b). The first accelerated wear stage 
was caused by the small edge width of the new cutter. The wear rate reached the highest value 
until the narrow tip was worn out. Then, according to the curvature of the ring tip, the edge 
width increased significantly, so the wear rate decreased, leading to the deceleration wear 
stage. The final stage was the uniform wear stage. As the cutter wear reached a certain extent, 
the edge width changed less, hence w, turned stable. It indicated that the cutter edge shape has 
an important influence on the cutter wear process. 


4 PREDICTION OF CUTTER WEAR 


4.1 


According to the above results, w, could eliminate the influence of cutterhead parameters. 
Considering the limited number of gage cutters and central cutters monitored, the relevant 
laws need further analysis. In consequence, only the wear datas of face cutters were analyzed. 
As for the corresponding geotechnical data, the tunnels were divided into several sections 
based on similar rock mass conditions. The database is shown in Table 2. The w,, rock uni- 
axial compressive strength (UCS), joint volumetric counts (J,), rock abrasivity index (CAT), 
and rock mass boreability index (BI(,)) were covered. 


Influence of parameters on cutter wear 


Table 2. Rock mass parameters in different sections. 


Wy Blo 

Project No. Chainage (mm/m UCS(MPa) CAI J, [(KN/cutter)/ (mm/r)] 
TBM left line 1 K30+396-K31+175 0.019 97 4.17 34.5 89.48367 
TBM right line 2 K30+312-K31+106 0.02 97 4.17 29.5 93.02316 

3 K60+195-K60+049 0.032 145.44 3.6 9.9 137.7779 

4 K60+049-K59+903 0.028 121.56 3.61 10.5 130.1157 
Open TBM 5 K59+591-K59+405 0.038 211.56 3.77 3.6 171.9147 

6 K58+816-K58+652 0.027 194.04 3.38 9.8 148.7676 

T K58+361-K58+227 0.022 98.68 3.03 12.6 126.8517 
Double shield TBM 8 K28+218-K28+150 0.016 87.45 2.99 9.6 121.4357 


Cerchar abrasivity index (CAI) was obtained from a stylus scratching test to describe the 
rock abrasivity. A larger CAI value indicates the rock can cause more intense cutter wear. The 
core drilling and tunnel face mapping were conducted in 8 sections, then UCS and Cerchar 
abrasiveness tests were accomplished. FigureS(a) showed the relationship between w, and 
CAI. In general, w, increased with increasing CAI, the correlation can be fitted by a power 
function if the two outliers on the right corner were ignored. These two data samples had 
higher joint counts, which implied that cutter wear is not only dependent on the rock 
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abrasivity but also related to the integrity of the rock mass. A rock mass with high J, and CAI 
value could induce low cutter wear. So the specific rock mass boreability index (BI(1)) was 
introduced to evaluate the jointed rock mass. BIg) is a normalized parameter raised by Gong 
et al. (2009), which could eliminate the influence of TBM operating parameters. According to 
Eq. (4), Bla) was correlated with UCS, the rock brittleness index (Bi), Jy, and the angle 
between the tunnel axis and the joint plane (a). A positive linear relationship between the 
cutter wear rate and Bla) was obtained, as shown in Figure5(b). The cutter wear rate 
increased with increasing BI(1). 


BI) = 37.06UCS°**Bi- 0.10 (0.84e- 0-9 +e 7 0.09sin(a+30) ) (4) 
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Figure. 5. The cutter wear rate and CAI, BIg). 


4.2 Establishment of a prediction equation 


To correlate the cutter wear rate with rock abrasivity and rock mass boreability, a non-linear 
regression analysis was performed, the result is as follows: 


w,= 6.69°10 °CAI* BI 1) —0.0047 (R= 0.927) (5) 
UCS: 
0.042 4.17 MPa 
3.6 MPa 
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Figure.6. The cutter wear w, vs CAI and BIg). 


In order to improve the practicality of the prediction equation, the range of values for w, in 
grounds with different UCS and BIg) were plotted as Figure 6. It can be clearly seen that 
when rock abrasivity is high, w, will still be small if BI(,) is relatively small, which fully 
explains the outliers in Figure S(a). 
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Therefore, the predicted wear of the face cutter at different positions can be obtained by 
substituting Eq.5 to Eq.6. 


X = mwyL[(Ri- St) -(Ri- FYI (6) 


Figure7 compares the actual cutter wear and predicted wear of 20 cutters used in eight sec- 
tions. The average error is less than 8.57%, which indicates that the empirical equation per- 
forms well. Although it seems like the equation could give an accurate cutter wear prediction, 
the dataset used to set up the equation is not that sufficient. 


~ Predicted wear=Actual wear . 
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Figure. 7. Comparison of actual and predicted wear. 


5 CONCLUSIONS 


Based on the cutterhead working status monitoring system developed by the TBM tunneling 
research group of Beijing University of Technology, the real-time wear data of 20 cutters were 
collected from four TBMs in three projects. Based on t data analysis, some main conclusions 
are as follows: 

(1) By comparison, w, was a more comprehensive reflection of the cutter wear variation of 
different types. The results showed that w, of face cutters was uniform, and w, of center cutters 
tended to be consistent with that of face cutters with the increase of the installation radius, while 
those for gage cutters were larger due to the secondary wear. 

(2) The cutter edge shape had a significant influence on w,. The single cutter wear process 
could be divided into three stages according to the change of w,: the acceleration wear stage, 
the deceleration wear stage, and the uniform wear stage. 

(3) By analyzing the relationship between w, and rock parameters, it was concluded that w, 
was linearly positively correlated with the product of CAI and BI). Then the cutter wear pre- 
diction formula was proposed. 

At present, only the prediction formula of face cutters could be established due to the 
limited number of monitored cutters. In the next step, more monitoring data should be col- 
lected to establish the cutter wear prediction models of cutters of different types. 
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ABSTRACT: The Norwegian University of Science of Technology (NTNU) has a long trad- 
ition in preparing empirical prediction models for tunnelling and construction work in rock 
and soil. Hyundai Engineering and Construction has cooperated with NTNU in gathering 
TBM production data from recent soft ground tunnelling projects. This research paper aims 
to present how TBM performance is ranging for various TBM diameters, as well as qualita- 
tively describe how various ground conditions influence the tunnelling performance. The data 
originates from 9 tunnelling projects, with tunnel diameter from approximately 2 m to more 
than 12 m. The soil conditions within the collected data range are varying from cohesive soils 
(clay and silt), to frictions soils mainly consisting of sand and gravel. 


1 INTRODUCTION 


One of the many aspects a tunnel owner and designer will estimate in early phase tunnelling, is 
the possible advance rate of the tunnelling performance. Estimation of TBM performance 
involves the study and the understanding of (1) how a TBM can penetrates the soil (and 
rock), (2) which ground parameters are involved in the excavation process, and (3) how the 
different types of machines are operated. Finally, the importance of a reliable estimation of 
advance rate as a function of geology and TBM parameters grows with years. Research 
related to mechanized TBM tunnelling has mainly focused on hard rock performance e.g., by 
Macias (2016) and Yagiz (2014). 

The NTNU (Norwegian University of Science and Technology) prediction model for hard 
rock TBM tunnelling that has been upgraded several times since the first version was pub- 
lished in 1976, see Table 1. The model is commonly used for estimating the advance rate, cost 
and tool life for hard rock TBM tunnelling. 

For soft ground TBM tunnelling the research has been on lab-scale TBM performance and 
experiences from one project e.g. An et al. (2011), Lee et al. (2019) and Kim (2018). Another 
topic related to soft ground TBM tunnelling is tool life predictions by e.g., Jakobsen and 
Lohne (2013), Hunt and Del Nero (2019). The estimation mechanism of advance rate in soft 
ground is quite different from the one in hard rock. While hard rock excavation is normally 
inducing brittle failures into the rock mass at the tunnel face, soft ground excavation with 
TBM is based on scraping and ripping looser fragments in a confined environment with face 
stabilization. 

In order to study soft ground TBM excavation performance, Hyundai Engineering and 
Construction and NTNU carried out a joint research. This paper summarizes the research 
efforts and gives examples of results that have been achieved during the research project. The 
general information of the research project is listed in Table 2. The project was carried out in 
2016-2019 and included collecting TBM performance data such as e.g., mm/minute perform- 
ance, TBM utilization together with ground conditions. 
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Table 1. Editions of the NTNU hard rock TBM prognosis model (after Macias 2016). 


Edition Year Remarks 

1 1976 Relations between TBM diameter, Drilling Rate Index (DRI) and perform- 
ance. Tool life and cost according to the Bit Wear Index (BWI). 

ape 1979 (published As 1976 with higher influence of rock mass fracturing and orientation. 

in 1981) 

34 1983 As 1979 and introduction of Cutter Life Index for estimating cutter tool 
wear. Improved utilization model. 

4h 1988 As 1983, more empirical data and increased geology database and TBM 
sizes. 

gih 1994 As 1988 more empirical data and increased geology database and TBM 
sizes. 

6th 2000 As 1994 more empirical data and increased geology database and TBM 
sizes. 

qe 2016 As 2000, more empirical data and increased geology database and TBM 
sizes. Influence on TBM operation and rock mass fracturing on tool life 
estimation. 


Table 2. Activities executed by Hyundai E&C and NTNU in the joint research project. 


Institution Activities 


Hyundai * To construct the TBM database of the TBM projects in Korea and South East Asia 
* To development of the Soil Abrasion Penetration (SAPT) test+ 
° To investigate the effects of agents such as foam on the performance of TBM excava- 
tion in soft ground 
NTNU * To construct the TBM database of the TBM projects around world 
e To analyse the correlation and sensitivity of general information and soft ground 
parameters with TBM design parameters and TBM performance parameters 
* To establish the concept of new test method to enable the prediction of full set or 
parts of the TBM design/performance parameters 


An important part of the joint research was to gather TBM performance data such as TBM 
performance (mm/rev, mm/minute, TBM utilization etc.) together with ground conditions. 
The data that provides examples in this paper originates from 9 sites with general information 
in Table 3. 


Table 3. Project with corresponding TBM type, diameter and length. 


Project Face Approximate Approximate tunnel length 

number support diameter [m] included in the study [m] Region 

1 Slurry 12.5 1100 Europe 

2 EPB 6.5 900 Asia 

3 Slurry 3 400 Europe 

4 Slurry 2.5 300 Europe 

> Slurry 2.5 900 Europe 
Middle 

6 Slurry 3.5 700 East 

7 Slurry/EPB 5.0 5400 America 
Middle 

8 Slurry 13 4500 East 

9 EPB 7,5, 530 Asia 
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2 RESEARCH METHODS 


The joint study comprised: 


— Literature review 
— Field studies to collect data and soil samples 
— Laboratory testing of obtained soil samples 


Various published papers and experiences from recent tunnelling projects have been used to 
track down additional information about specific topics and projects. In some projects where 
the TBM field data have been gathered, information about soil conditions have been gathered 
from literature review. 

The research plan of the joint project is presented in Table 4. During the research, the 
toughest effort has been to obtain field data and gathering of TBM production data. The data 
is often difficult to gather, as the TBM production reveals contractor’s performance and con- 
sumption. Such information is often treated as sensitive and confidential for parties without 
any formal involvement in tunnelling contracts. In order to obtain data, it has been necessary 
to establish confidentiality agreements with contractors and data owners, and to avoid pub- 
lishing and sharing site-specific data. 


Table 4. Initial summary of research plan to establish a database with findings and plan for analyses. 


Category Information 
Collected 1. General information of the project Project name, Location, Tunnel length, 
data Tunnel diameter 
2. Geological conditions Soil type, Soil size (i.e., Cu index, D50), Dens- 
ity, SAT, Quartz content, Cohesion, Friction 
angle 
3. TBM Specification Excavation method (EPB, Slurry), TBM 


model, Diameter, Manufacturer, Number of 
cutter tools, Pictures of head face 
4. Operation data of TBM Location of TBM, performance, RPM, thrust 
force, torque, utilization and chamber pres- 
sure at each recorded time, 
Analyzed Penetration rate (mm/min, mm/rev), Advance rate (daily, monthly), Tool replacement rates, 
results Tool life, Machine utilization. Analyses of relations between the mentioned parameters are 
also included in the study. 


The projects included in the study have been selected on the basis of the following: 


Variety of ground conditions 

© Soil lithology in order to include data from clay, silt, sand and gravel 
o Overburden and thus shear strength 

— A variation of excavation method (EPB and slurry face support) 

— Variation of TBM diameter 

— Variation of contractors and project owners. 


3 RESULTS 


In the following some of the results of the collected data is presented. Figure 1 shows boxplot 
of the recorded net penetration rate in mm/min for the 9 projects. Project 3 to Project 6 are 
small diameter TBMs, with high recorded net penetration rate. However, the advance rate 
in m/week is relatively low due to low utilization or boring time. Figure 2 to Figure 5 shows 
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more detailed data for Project 1 on penetration rate, torque and utilization, and how this 
varies dependent on the ground conditions (sand, gravel and clay). 

Figure 2 shows how the excavation rate in m/h varied along the tunnel drive in Project 1. 
Project 1 was a 12.5 m diameter mix-shield TBM in various ground conditions. The changing 
excavation rate the first 150 m is not related to the ground conditions but running in the TBM 
and its crew. In addition, the data is influenced by pulling back and pushing forward the 
TBM in the launch area. The colour legend (light green, yellow and green) presents the per- 
centage of sand, gravel and clay size grains along the drive. 

Figure 3 shows the penetration rate in mm/rev for Project 1. 


Boxplot of mm/min 


mm/min 


Pi Mp2 Bes Bea Mes Mee DA Mes Corana 


Figure 1. Boxplot of recorded net penetration in mm/min for Project 1 to Project 9. 
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Figure 2. Excavation rate for Project 1. 


Figure 4 shows the recorded torque for Project 1. The torque has been relatively constant 
during the drive, with a high peak in an area with well-graded soils containing clay, sand and 
gravel fractions. 

Figure 5 shows the utilization for Project 1, which ranges from 15-20 % boring time. The 
utilization is not influenced by the variety of ground conditions. 
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Figure 3. Penetration rate (mm/rev) for Project 1. 
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Figure 4. Torque (kNm) for Project 1. 
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Figure 5. Utilization (time usage for boring divided on available working time) for Project 1. 


Figure 6 shows the relation between the TBM excavation diameter and the average torque 
per project. Project 8 is the same project as described in the previous figures with zones con- 
sisting of a variety of clay, sand and gravel. The TBM type was a slurry shield TBM. 

Project 3, 4 and 6 originates from small diameter slurry TBMs in single graded sands. (D50 
values from 0.275 to 0.33.). Project 2 is a 6 m diameter TBM also excavated in sandy and 
gravely material with slurry. Project 9, which deviates most from the linear trendline in 
Figure 6 is from a EPB project in cohesive ground. The relation between torque demand and 
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TBM diameter seems to be much stronger that between the torque demand and ground condi- 
tions, with the current data set and average values of torque. 
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Figure 6. Relation between TBM excavation diameter and average recorded torque per project. 


Table 5 shows average values of geotechnical data and recorded TBM operational data. 
The average values have been used to make several bivariate regressions between TBM oper- 
ation (e.g., mm/min) and other factors. 


Table 5. Average recorded TBM values per project for various soil lithologies. 


Project Diameter opening r:Soil type 050 cu Advance r Thrust Torque RPM Unit weigiFriction ar Cohesion] Average s 
m mm/min kN kNm kPa 
PI 125 0.324 Gravel 22 386 284 40020 8526 21 38 Of 149.2955 
125 0.324 Sand 06 24 273 335% 1395.2 18 35 oj 80.37122 
12.5 0.324 25%clay75%sand 04 42 241 3970 6333 22 35 74 72 
P3 3 0324 Medium sand 0.275 3.825 87.9 747650 194.3 185 36.25 0 94 
P4 25 0.324 Medium sand 0.33 23 114 279130 363 19 18.5 32 Of 57.28201 
PS 2.5___0.324 Medium sand 0.2363 29 98 48219 185 352 of 110.25 
250.324 Gravel 3 SS 1167 18893 20 35 0 60 
25___ 0.324 Silt 0.0365 SS 684 42768 as 2s 11| 109.3487 
250.324 Silt 0.0152 12 %3 29829 195 263 6| 99.11579 
250.324 Fine sand 0.1259 43 886 2%65 19 32 oj 88.45625 
25 0.324 Fine sand 0.1364 29 70.4 46316 20 32 23) 113 
Pé 3.5 0.4 Sand 01 3.8 39.1 5796 17.21 42 28 1 
P8 13 035 4078607 N2626 157 32 
P7 S 0.27 Sand/silt 0.27 10 38 36 2 
S 0.27 Gravel 2.5 38 29 38 0 
S 027 Gravel 13.67 144 398 38 0 
P9 7.5 0.543 Gravel 5.75 132 17 239818 4932 16 20 35 o| 92.67164 


It has been found a fair correlation between mm/min and TBM excavation diameter, as pre- 
sented in Figure 7. When it comes to other relations the R? values indicates poor correlations. 
An example showing the relation between the soil cohesion and net penetration for the TBM 
is presented in Figure 8. For some of the data points the cohesion is 0, as the soil contains 
pure friction soils (sand and gravel). This influence the R? and the validity of the regression. 


4 DISCUSSION AND FURTHER WORK 


The initial hard rock TBM performance database prepared by NTNU (former NTH) in the 
1970’s based its estimation of mm/rev and mm/min on the Drilling Rate Index (DRI) and TBM 
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Figure 7. Regression between TBM excavation diameter and net penetration rate in mm/min according 
to the data in Table 5. 


Figure 8. Regression between soil cohesion (kPa) and net penetration rate in mm/min according to the 
data in Table 5. 


diameter. Slowly as more TBM and geological data derived from tunnelling projects, the model 
now includes tens of input parameters to estimate advance rate, utilization, tool life (Macias 2016). 

Based on the collected and current data for soft ground TBMs, there are plans to generalize 
and utilize multivariate regression in order to find predictors of e.g., TBM torque, penetration 
rate based on geotechnical properties and TBM size. With data from 9 projects, there is not 
sufficient amount of data to enable a valid prediction. Especially when the data quality ranks 
from recorded data per second, to per hour and per shift. Another challenge in enabling predic- 
tion is the density of ground investigations that are used as geotechnical parameters. It is quite 
common to encounter a variety of ground conditions between geotechnical core drillings. How 
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the geotechnical properties are interpreted in between the available core drillings and subse- 
quent laboratory tests will highly influence the predictions. 
In the further work the following activities and research are planned: 


* Collect high quality TBM data from additional TBM projects in soft ground. 
o By high quality it should be data recording every 10 seconds, and with either homo- 
genous ground conditions or close geotechnical drillings 
« Enable an anonymous database with generalized data, for artificial intelligence/Machine 
learning/data scientists. The authors believe that several interesting findings can be aggre- 
gated by utilizing AI/ML techniques, given that the input data is good enough. 


5 CONCLUSIVE REMAKRS 


Hyundai Engineering and Construction has executed a joint research project on soft ground 
TBM performance. Some of the recorded TBM data has been presented in this research 
paper, to show the span in TBM performance, utilization, TBM diameter, ground conditions, 
as well as the data quality. The current collected data and utilized methods is not sufficient to 
establish a reliable prognosis model of soft ground TBM performance for various TBM diam- 
eters and varying ground conditions. In contrary, the authors believe that the study can be 
a start for further research, and that the gathered data show the “state-of-the art” in soft ground 
TBM performance. Further, some relations between TBM diameter, torque and performance 
can be evaluated with the graphs presented in this paper. 
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ABSTRACT: Large diameter tunneling has historically been seen as a challenge. Add into 
the equation mixed ground conditions, and it becomes a task that may seem insurmountable. 
However, a recently completed tunnel in Turkey is a flagbearer for changing the mindset 
towards these challenging tunneling scenarios that are becoming more frequent. A - 
13.77 m diameter mixed ground Rock/EPB TBM bored the Esme-Salihli Railway Tunnel at 
rates of up to 721.8 m in one month, making it the fastest TBM ever recorded over 13 m in 
diameter. The machine began its bore in altered gneiss, then passed through mélange consist- 
ing of gneiss, sandstone, claystone, mudstone, quartz, and silt. By the end of the bore the 
machine was excavating in mainly mudstone. Core drillings were taken every 200 m prior to 
boring. 

In this paper, we detail the project as well as analyze factors contributing to the fast 
advance rates. The factors include TBM choice and system design, ground conditions, TBM 
utilization rates and downtimes, as well as maintenance practices, crew expertise and technical 
support, all of which have a part to play in the overall advance rates and successful outcome. 
Recommendations are made as to best practices in order to achieve good advance rates on 
similar large diameter, mixed ground tunnels. 


1 INTRODUCTION 


1.1 Project information 


The Esme-Salihli Railway Tunnel is part of the Ankara-izmir High Speed Railway Project for 
the Turkish State Railways (TCDD). The 508 km (316 mi) line will eventually connect Polath 
in Ankara Province to Izmir, the third most populous city in Turkey, surpassing the Istanbul- 
Ankara High-Speed Railway as the longest rail line in the country once complete. The double- 
track railway system will convey passengers at top speeds of 250 km/h (160 mph), completing 
the journey between the two cities in 3.5 hours—a journey that would normally take 6.5 hours 
by car (see Figure 1). 


1.2 Geology 


Geological investigation is particularly important in the highly variable and faulted geology of 
Turkey. Recent Turkish tunnels, including the Gerede Water Transmisson Tunnel, where 
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Figure 1. Finished tunnel cross section. 


a 5.6 m diameter mixed ground rock/EPB machine completed 9 km of tunneling by navigating 
48 fault zones and hydrostatic pressures up to 26 bar, underscores the challenges of tunneling 
in the region. Perched between the European and Asiatic land masses, Turkey can be thought 
of as a geologic patchwork, comprised of older rocks mixed with younger igneous and vol- 
canic rock. More than 80% of the country’s land surface is rough and mountainous, making 
both agriculture and travel a challenge. Adding to the obstacles, Turkey is seated on an active 
tectonic belt bounded by the North Anatolian Fault and the East Anatolian fault. Tunneling 
in such a zone is difficult at best, and nearly impassable at worst. 

The Esme-Salihli Railway Tunnel is a short section of high-speed railway, measuring 
3.05 km (1.90 mi) through mixed conditions. Contractor Kolin Construction conducted 15 
core drillings at 200 m intervals prior to the start of construction, with results predicting occa- 
sional groundwater and weak rock between 5 to 9 MPa (720 to 1,300 psi) UCS, with the 
potential for a gassy environment. Rock and soil types included sections of gneiss, sandstone, 
claystone, mudstone, quartzite, and silt (see Figure 2). 
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Figure 2. Geological survey results. 
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2 LARGE DIAMETER, MIXED GROUND ROCK/EPB TBM DESIGN 


A dual mode rock/EPB TBM design was created for the project, in which no design elements 
were sacrificed in the engineering: The machine was fully capable of operating in 100% EPB 
mode or 100% Hard Rock Single Shield Mode. The TBM was designed for sections of hard 
rock and mixed ground, in highly variable conditions including sandstone, mudstone, clays- 
tone, quartzite, schist, and mixed soil with clay. 


2.1 In EPB mode 


In EPB mode, the screw conveyor operated as in any typical EPB machine. The screw featured 
a replaceable inner liner and replaceable carbide wear bits for abrasion protection. A mixed 
ground cutterhead was fitted with knife bits that could be switched out with disc cutters in 
harder conditions. Much of the cutterhead was covered in Trimay wear plate for additional 
abrasion protection. A wear detection pipe on the cutterhead monitored any wear occurring 
to the cutterhead structure itself, while wear detection bits on the cutterhead and periphery 
told the operator about tool wear, and if a gauge cutter had been lost. The machine design 
included a man lock for cutterhead inspection and mixing bars inside the mixing chamber (see 
Figures 3 and 4). 
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Figure 3. Left cutterhead in rock configuration; Right cutterhead in EPB configuration. 


2.2 In hard rock mode 


To convert to hard rock mode, the mixing bars and the first flights of the screw conveyor are 
hydraulically retracted from the mixing chamber. If EPB knife bits are installed these are 
exchanged with disc cutters on the cutterhead and the EPB scrapers on the cutterhead need to 
be replaced with hard rock bucket lips. Muck paddles are installed on the backside of the cut- 
terhead to allow the muck to be scooped into the invert, lifted and deposited in the central 
conveyor muck chute. The conveyors muck loading chute is attached to the central bulkhead 
which is hydraulically extended into the mixing chamber. Once the chips are deposited in the 
muck chute, they are transported with the machine conveyor and discharged through the 
screw conveyor onto the backup belt conveyor (see Figures 4—6). 

A skew ring offsets the torque of the machine in hard rock, allowing for more efficient 
single direction muck pickup. Mini grippers on the rear shield allow the machine to bore 400 
to 600 mm forward, then be retracted for cutter changes. 
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Figure 5. Cutterhead loading plates. 


To keep the production rate high, a two-speed gearbox with a ratio of 2:1 is hydraulically 
actuated to get the proper RPM for the hard rock mode. The two-speed gearbox is bypassed 
in EPB mode to get the proper RPM for the EPB mode. 

Overall, this design is optimized for equal parts hard rock and soft ground. By contrast, if 
a tunnel is located in mostly hard rock or mostly soft ground, the Dual Mode machine can be 
customized accordingly. 
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Figure 6. The belt conveyor passes through the screw conveyor to deposit muck onto the TBM belt 
conveyor. 


3 MACHINE LAUNCH & PERFORMANCE 


The 13.77 m Crossover XRE machine launched on its 3.05 km (1.90 mi) bore at the end of 
March 2021. The machine began its bore in altered gneiss, then passed through mélange con- 
sisting of gneiss, sandstone, claystone, mudstone, quartz, and silt. By the end of the bore the 
machine was excavating in mainly mudstone. 


3.1 Record-setting jobsite performance 


During its bore, the machine set new world records three times over for best day, week, and 
month in the 13 to 14 m (42.6 to 46 ft) diameter range, and finally, for all TBMs over 13 m in 
diameter. Its fastest rates were set in July and August 2021, with a best day of 32.4 m, best 
week of 178.2 m and best month of 721.8 m. While some of the crossover features proved 
beneficial the TBM was able to utilize the screw conveyor for mucking for the complete 
tunnel drive, which was a further benefit for the project’s overall schedule. The machine’s final 
breakthrough occurred in October 2021 (see Figure 7). 


« 
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Figure 7. Ankara-Izmir HSR crossover XRE TBM. 
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3.2 Performance analysis 


What allowed the machine to perform at high rates of advance? Utilization charts reveal that 
38% of the total time was spent on excavation, 27% on ring assembly, 21% on planned down- 
time such as maintenance, and 14% on unplanned downtime (see chart 1). 


Chart 1. Productivity pie chart. 


When looking at planned downtime, the most time was spent on cutterhead maintenance at 
28%, followed by crew breaks at 22% (see chart 2). An average machine push took 60 minutes, 
while ring builds averaged 42 minutes. 
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Chart 2. Downtime causes pie chart. 
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Delays caused by mechanical, hydraulic or electrical failures were very low. The contractor 
cited the main reasons for minimal downtime, and thus high advance rates, as regular planned 
maintenance, cleaning, an experienced team, and an adequate supply of spare parts. Ultim- 
ately the tunnel was completed in just 6.5 months (see Figure 8). 


MONTHLY ADVANCE CHART 
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Figure 8. Monthly advance rate chart in meters bored and rings built. 
4 CONCLUSIONS 


Large diameter, dual mode rock/EPB machines can and will excavate mixed ground condi- 
tions efficiently — even at world record rates. While similar projects in Turkish geology have 
met with challenges, the Esme-Salihli tunnel shows that with proper maintenance and 
a knowledgeable crew, equipment downtime can be kept to a minimum and advance rates can 
remain high. 
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ABSTRACT: One of the biggest technical challenges when considering long hard rock tunnels 
is the estimation of the cutter tools wear, which affects the advance rates, utilization of TBMs 
and therefore, the overall cost. This challenge also requires a careful TBM design, adapted to 
the ground conditions, which has an important influence in the cutter tools consumption and 
TBM maintenance. An accurate estimation is a key element for rock tunnelling analysis and has 
a relevant impact in the risk evaluation. Those estimations are required to be as close as possible 
to the actual performance, mostly relevant in long tunnels, at early project stages, when data is 
scarce. This paper shows estimations undertaken by means of the most widely used predictive 
methodologies. The article evaluates the main factors affecting the wearing process and presents 
a comparison analysis of forecasting models versus the actual data in some recent long tunnel 
projects in hard rocks. 


1 INTRODUCTION 


Over the last decades, technological progress along with the growing demands of society have 
driven the development of Tunnel Boring Machines (TBM). This has led to face challenging 
projects, such as long tunnels of large diameter excavated in hard rock conditions. 

Wear prediction of the TBM cutter tools, specifically the cutter discs, and, hence, their con- 
sumption, is one of the major factors that have a big influence on tunnelling performance in 
long tunnels through competent rock mass. This prognosis is most crucial at early stages of 
the project, when the tunnelling methodology is assessed according to the budget and schedule 
estimated for each option. 

Cutter discs consumption is usually estimated by means of analytical or empirical method- 
ologies, calibrated with previous experiences in tunnels under similar geological conditions. 
They are normally fed with geologic-geotechnical data and/or machine features. Despite the 
great number of factors having influence on the wear process, it is widely accepted than avail- 
able models can provide approximate estimations that, along with the experience gained 
during works under similar conditions, allow foreseeing proper values and identifying risky 
situations in terms of costs and tunnelling performance. 

This paper checks the factors and data required in the selected methodologies, commonly 
used in the industry, as; the NTNU model, developed in the Norwegian University of Science 
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and Technology of Trondheim, the method developed by Frenzel (taking CSM model as 
a reference) and the Gehring model. 

Section 4 intends to evaluate the precision and applicability of the selected models and com- 
pare them with the real consumptions from recent hard rock tunnel projects. 

Three case studies have been selected: Guadarrama tunnels (Spain), Vigo-As Maceiras Tun- 
nels (Spain) and Follo-Line (Norway). In order to enhance the comparison and provide better 
conclusions, the mentioned cases have been selected based on some technical similarities: the 
project purpose, the type of TBM used (double shield boring machine) and the fact that they 
are all tunnels with similar boring diameter running through similar geological and geotech- 
nical conditions. Of course, there are some differences, which helps to calibrate the impact 
from some factors and extract additional conclusions. 


2 ROCK FRAGMENTATION PROCESS AND INFLUENCING FACTORS 


The cutting process of the rock is depicted in Figure 1. The cutter ring applied a high point 
load that cause a crushed zone. At the same time, several induced cracks through tensile stres- 
ses appears around that area. When these cracks from two adjacent cutter positions interfere 
with each other, a rock chip is formed and detached. 


Penetration 


Crushed zone 


Figure 1. Chipping process by disc cutters (Rostami 1997). 


The factors influencing the cutter ring consumption can be grouped into three groups: 


— Geological-geotechnical: intact rock (strength, brittleness, drillability, abrasion, etc.), rock 
mass structure, rock mass anisotropy, stress state in the tunnel face, etc. 

— TBM conditioning: mechanical features (thrust, torque, rotation speed, etc.), geometrical 
characteristics of the cutterhead (disc cutters number and type, arrangement and spacing 
between cutters, boring diameter, etc.) and operational factors (penetration rate, thrust- 
torque optimization, operation and construction manager, etc.). 

— Ground-TBM interaction: mixed-face, face stability, TBM steering, relationship between 
cutter spacing and joint spacing, overbreak, etc. 


3 PREDICTION MODELS 


3.1 Frenzel (after CSM Model) 


This method comes from the model developed by the Colorado School of Mines (CSM). Fren- 
zel (2011) suggested an empirical expression to predict cutter discs wear, based on information 
collected from seven large diameter tunnelling projects with more than 127 km in hard rock 
and 12,000 cutter replacements. The method was developed under the assumption that the 
TBM is equipped with cutter discs 17” in diameter. 

It is accepted that the disc abrasion is proportional to its rolling distance. The wear estimation 
is a function of the widely used Cerchar Abrasivity Index (CAI), which is the only geotechnical 
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parameter involved in the method. The data analysis of the tunnelling projects revealed a linear 
relationship between the CAI and the wear coefficient (c,). This correlation can be easily proved 
to be the same than the one considered as part of the CSM model (Figure 2). 

Among the remaining factors that are part of the method, it should be highlighted the pene- 
tration rate. Similar to other methodologies where this parameter is involved, special attention 
should be paid to its estimation. This can be considered a decisive factor in the sense that, its 
prediction, also entails particular uncertainty that might have huge impact on the economic 
feasibility of the project. Minor percentual variations on this factor can lead to significant devi- 
ations from the foreseen planning and hence, dramatically affect the budget or project strategy. 

Along with the additional uncertainty introduced by the penetration rate estimation, the main 
limitation of this method lies in the lack of geological and geotechnical parameters (except CAI). 


Wear Coefficient c, [mm/km] 


0 1 2 3 4 5 6 
Cerchar Abrasivity Index CAI [mm/10] 


Figure 2. Correlation between wear coefficient and CAI index (Frenzel 2011). 


3.2 Gehring model 


Gehring (1995) proposed an empirical model to estimate the cutter ring wear, for internal trading 
purposes of the Company Voest Alpine Bergtechnik. It was the result of a wide evaluation and 
revision of the existing technical bibliography that could be validated based on a solid database 
from several tunnel projects. 

Gehring suggested that the cutter life depends on the penetration rate, the maximum allow- 
able ring wear, expressed in the related cutter weight loss, and the CAI index which repro- 
duces the abrasion properties of the rock. 

It is not clear the percentage of pure wear cutter disc failure considered in the model, thus, 
to be consistent with the other methodologies a factoring of 1.2 is applied in this paper, which 
entails considering at least 80% of the changes happening because disc wearing. 

The basic expression to estimate the penetration was defined considering a cutter width tip 
of 15.875 mm and average thrust force of 200 kN, common parameters for cutter discs of 17” 
diameter. The formula proposed provides a linear relationship with the thrust force per cutter. 
It is also dependent on the compression strength of the intact rock and several correction fac- 
tors to adapt the results to the real boundary conditions. These factors depend on the rock 
mass specific fracture energy, fracture degree and stress state, the cutter ring diameter and the 
spacing between them. 
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The main disadvantage of this model is the fact that it is based on just a few tunnels. There 
is also a clear lack of inputs concerning geological and geotechnical data. Moreover, the pene- 
tration assessment implies additional uncertainty in the process. 


3.3 NTNU model 


It is an empirical model based on data from observations, field works and laboratory tests. 
The database has been expanded with statistical analysis from more than 250 km tunnel pro- 
jects in Norway and other countries. 

The last update was implemented by Macias (2016) which adapts the cutter consumption model 
taking into account recent progress in TBM tunnelling technology, including new adjustments of 
the graphs and parameters, based on data collected in projects performed over the last ten years. 

The methodology covers the estimation of essential outputs in a TBM project, such as the 
abovementioned penetration rates and cutter discs consumption. For that purpose, it considers 
geological and geotechnical properties, as well as geometrical and operational TBM parameters. 

Despite taking into account some specific laboratory tests developed by the independent 
research organization SINTEF, this model is worldwide accepted and used. 

The model is based on the assumption that normal or primary wear is the main cause of 
replacements. Bruland (2000) suggested this type of wear is usually the reason of around 
80% of the substitutions. In fact, the NTNU model seems to achieve better predictions when 
the real proportion of changes due to normal wear is close to that percentage. The rest of 
replacements would be mainly due to flat wear, bearing and, to a lesser extent, spalling, plas- 
tic deformations and other reasons. 

According to the NTNU model, the cutter ring life is estimated by means of an equation 
which is function of some geotechnical and TBM parameters. Once the cutter life, expressed in 
hours, has been obtained, it is necessary to introduce the penetration rate to estimate the ring 
wear in terms of excavated volume per cutter. 

One of the disadvantages is related to the laboratory tests that support the model. Specific- 
ally, in relation to the CLI index (Cutter Life Index), it should be noted the NTNU model is 
supported by results obtained on samples made of a particular standard steel, different to the 
steel quality of the current discs, and, as a result, the cutter life could be overrated. 

The main advantages of this model lie in the solid database on which it is supported, the fact 
that it is subject to constant review and the different types of parameters considered. In add- 
ition, from a global perspective, the NTNU methodology not only provides estimations on 
cutter discs wear, but also outputs about essential aspects involved in the TBM boring cycle. 


3.4 Parameters considered in each model 


The main parameters involved in the models selected have been indicated in Table 1. 

Other intact and structural rock parameters have influence in the models (Gehring and 
NTNU), but mostly in the penetration rate estimation, and were not captured in the table. 
These are aspects such as rock strength, mineralogical composition, orientation, spacing and 
persistence of the discontinuity sets, rock mass anisotropy, or in situ stress. 


4 IMPLEMENTATION IN REAL CASES 


Three case studies have been selected to compare wear estimations and real cutter consump- 
tion. The main features of the mentioned real cases are indicated in Table 2. 

Specific sections of each tunnel have been chosen in each case for the analysis developed in 
the paper, explicitly: 


— Guadarrama (lot 3): 14,092 m 
— Vigo-As Maceiras (tube 1): 4710 m 
— Follo-Line (North Inbound tube): 4500 m 
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Table 1. Geotechnical (Geo) and machine parameters (TBM) involved in prediction cutter wear 
models. 


Parameter Frenzel (after CSM) Gehring NTNU 


Drillability (Geo) X X v 
Abrasion (Geo) v (CAI) v (CAD) v (CLD 
Boring diameter (TBM) v J 

Cutter diameter (TBM) v J J 
Cutter number (TBM) v J J 
Cutter spacing (TBM) v X X 
Thrust cutter capacity (TBM) X X J 
Penetration rate (Geo/TBM) v v v 
Cutterhead rotation speed (TBM) X X J 


Table 2. Case studies. Main tunnel features. 


Feature Guadarrama Vigo-As Maceiras Follo-line 
Country Spain Spain Norway 
Purpose High speed rail High speed rail High speed rail 
Length (km) 28.4 8.15 19.5 

Nr. Tunnels Twin tunnels Twin tunnels Twin tunnels 
Outer diameter (m) 9.50 9.50 9.96 
Maximum overburden (m) 992 350 160 


For estimation purposes, the penetration rate and cutterhead revolution inputs, have been 
considered from real data registered during the tunnelling, all, in order to minimized uncer- 
tainties on the cutter consumption, improving the validation and to produce the comparison 
with the models. 


4.1 Geological framework and geotechnical properties 


Case studies were driven in similar geological and geotechnical conditions: very hard and sound 
rock mass, mainly consist of metamorphic and igneous rocks (orthogneiss and granite are pre- 
dominant). They comprise around 90% of the volume excavated. The values of the geotechnical 
parameters which take a role in the models, are collected in Table 3. They have been assumed as 
representative values for cutter consumption estimation purposes, based on the references con- 
sulted (Gutiérrez Manjon et al. 2010, Ramirez Oyanguren et al. 2014, Hansen 2018 & Gammel- 
sæter 2021). 


Table 3. Geotechnical properties (mean, range (min-max) values). 


Parameter Guadarrama Vigo-As Maceiras Follo-Line 
Density (g/cm) 2.7 (2.50-2.82) 2.63 (2.41-2.96) 2.77 (2.63-2.97) 
UCS (MPa) 90 (85-120) 120 (70-232) 152 (92-268) 
BTS (MPa) 9.5 (5.0-17.0) 12.6 (3.7- 14.6) 10.4 (7.2-14.0) 
Quartz (%) 33 (10-55) 37.8 (26- 56) 38.8 (8-54) 
DRI 46 (25-60) 34.1 (29.2-43) 38.6 (27-60) 
CLI 13 (8.0-15) 9.7 (8.0-11.7) 7.2 (4.0-11.5) 
CAI 3.4 (3.0-6.0) 3.7 (2.0-6.3) 4.0 (2.7-5.1) 
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4.2 Main TBM features 


The tunnels were bored by means of double shield TBMs with excavation diameter about 9.5 
to 10 meters. They were equipped with cutter discs 17” or 19” in diameter. Table 4 summarizes 
the main geometrical characteristics and equipment features of each case (Mendaña 2018 & 
Hansen 2018). 


Table 4. TBM characteristics. 


Parameter Guadarrama Vigo-As Maceiras Follo-Line 


Manufacturer Wirth Wirth HK 
Boring diameter (m) 9.46 9.46 9.96 
Cutter diameter (“) 17 17 19 
Cutter number (nr) 66 68 71 
Cutter spacing (m) 74 74 71 
Max. thrust per cutter (kN) 267 267 315 
Drive unit power (kW) 4004 4004 4550 
Nominal torque (kKN-m) 20,750 20,750 11,415 
Unlock torque (kN-m) 27,000 27,000 16,672 
Nominal thrust (kN-m) 54,000 54,000 67,689 
Unlock thrust (kN-m) 108,000 108,000 81,227 


The values considered for the penetration rates and the cutterhead rotation speed have been 
listed on Table 5, based on average actual records during the tunnelling for each case study 
(Gutiérrez Manjon et al. 2010, Ramirez Oyanguren et al. 2014 & Hansen 2018). Range of 
values measured are also shown for information purposes. 


Table 5. Penetration rate and rpm cutterhead (mean, range (min-max) values). 


Parameter Guadarrama Vigo-As Maceiras Follo-line 
Penetration (mm/rev) 8.1 (4.5- 14.0) 6.6 (3.5- 12.0) 6.3 (5.0-7.3) 
Rotation speed (rpm) 4.7 (3.6- 4.9) 4.6 (4.1- 5.0) 5.1 (4.7- 5.2) 


4.3 Comparison between prediction and real consumption 


Table 6 summarizes the data collected, from the reference papers, on the actual cutter disc con- 
sumption values for the tunnel sections subject to study. Normal wear is the main cause of 
replacement, followed by flat wear. Percentages of these mechanisms are included in the table, 
when available. (Gutiérrez Manjon et al. 2010, Ramirez Oyanguren et al. 2014 and Hansen 2021). 


Table 6. Cutter discs consumption actual values registered. 


Cutter wear Guadarrama Vigo-As Maceiras Follo-Line 


Consumption (m/cutter) 2.84 1.37 2.57 
Consumption (m?/cutter) 199.6 96.3 200 
Normal (%) 82.7 84.0 - 
Flat wear (%) 14.4 - - 


Cutter lifetime estimations, based on the data presented in the preceding points, are shown 
in Table 7. Average limit value considered for ring wearing is 25 mm, except for the case of 
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Table 7. Cutter discs consumption (m?/cutter) estimated for each case study. 


Model Guadarrama Vigo-As Maceiras Follo-Line 
Frenzel (after CSM) 213.3 128.1 148.2 
NTNU 262.6 126.9 212.9 
Gehring 264.0 128.8 172.8 


Vigo-As Maceiras, where 20 mm are assumed as average limit (Ramirez Oyanguren et al. 
2014). 

A graphical comparison of actual consumption values (Table 6) and the estimated ones 
through different models (Table 7) has been represented in the bar graph below (Figure 3). 


CASE STUDIES. CUTTER CONSUMPTION ESTIMATION 


OCSM (mod Frenzel) QNTNU oGehrng 


— Actual consumption 
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Guadarama Vigo-As Maceiras Follo-Line 


Figure 3. Cutter discs consumption estimated in comparison with the actual cutter lifetime. 


Prediction accuracy of the models, compared to the actual consumption, is shown in Figure 4. 
Reference grade lines showing deviation ratios for +30% and +15% have been included. 


5 CONCLUSIONS 


According to the results presented in section 4, certain deviation is observed. That means the 
rock mass affected would present different potential abrasion than the models are capable to 
predict or disc cutter wear did not perform as the models consider. Otherwise, real data could 
be showing some inaccuracy. However, the models foresee acceptable results, as predictions 
are within 1/3 precision in relation with the actual values. 

Further remarks are listed to illustrate these results: 


— In general, the results obtained show that models misestimate the cutter wear. One reason, 
among others, could be cutter changes not properly tracked, or disc being changed out of 
the limits prescribed at the beginning of each project. 

— The projects selected have very similar rock conditions, very hard ortogneiss and granites. 
The main reason of this decision, as explained in the previous sections, is related with redu- 
cing the number of different factors for easing the comparison. However, it is evident that 
the higher the UCS and the abrasivity are, the shorter the cutter disc life is. Others like crys- 
tal size or type, could not considered because of the absence of data in that regard. 

— NTNU model seems to have similar accuracy to the other methods for the 17” cutter disc 
cases studied, though much better prognosis for 19” cutter discs (Follo Line). This could be 
expected once the other methods were based on TBM equipped with 17” cutter discs. 
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— It is remarkable the shortest actual life for 17” disc cutters, in the case of Vigo in comparison 
to Guadarrama, where the same machine was used. This situation likely has to do with higher 
rock strength and abrasion conditions (Table 3) in Vigo, which required to set a smaller wear- 
ing limit for cutters replacement (5 mm less than in the case of Guadarrama, as average), in 
order to maintain a reasonable penetration rate. 

— Gehring model is supposed to contemplate changes due to normal wear only. If no reduction is 
taken into consideration when applying this model, the cutter life would be overrated. In this 
case, the results obtained have been factored by 1.20 to consider replacements due to normal 
wear are around 80%. According to the outputs, it seems this action helps to harmonize the 
results in comparison with the other methodologies, avoiding optimistically approaches. 

— The NTNU model is supported by results obtained on samples made of a particular stand- 
ard steel, dated to 1983. Since the steel quality of the cutter rings really tested in some of 
the case studies is supposed to be better, the available CLI would be higher than the stand- 
ard, thus the cutter life would be overrated. 

— Incase of strongly abrasive rock mass, such as the case of Vigo, the NTNU model, through 
its cutter thrust factor (ky), seems to suggest the use of larger cutter ring diameter. In this 
hypothetical scenario, if cutters 19” diameter had been considered, their life prediction would 
have better matching with the actual consumption. This statement is endorsed by the Follo- 
Line case-study, with cutters 19” diameter and similar quartz content than Vigo-As Maceiras. 
In this case, the cutter life prediction matches in high accuracy with the real consumption. 


CASE STUDIES. ESTIMATED vs ACTUAL CUTTER CONSUMPTION 
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Figure 4. Case studies. Deviation of estimations from actual cutter consumption. 


Based on the experience gained on the analysis of these three selected projects, the recom- 
mendations below are proposed with the aim of forecasting cutter consumption for TBM rock 
tunnel projects when the available data are not very extensive: 


— When CLI data from SINTEF tests are available, the NTNU model should be the pre- 
ferred option. Despite recent technical bibliography provides several correlations to esti- 
mate CLI as a function of CAI, quartz content and UCS, they are not well proven outside 
of Norway, and an extensive laboratory test survey would be needed to develop a reliable 
database. 

— In line with the suggestion above, and given the worldwide use of UCS tests, the possibility 
arises as to whether this parameter should be somehow implemented in the NTNU model, 
though correlation among UCS and DRI are suggested in Bruland (2000). 
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— If CLI results are available but they do not come from tests conducted under the same con- 
ditions than the ones in SINTEF, these results should be somehow prudently factorized in 
order to minimize potential cutter life overestimations. 

— The method proposed by Frenzel (after CSM) is recommended when there are not any 
available SINTEF tests, and mostly for early project stages. It provides acceptable devi- 
ations as long as strength and abrasion properties of the rock are not extremely high. 

— Whether the Gehring model is used, it is recommended to apply, as a starting point, the ori- 
ginal reductor factor of 0.74, to assess the weight loss of the cutter, instead of smaller factors 
suggested by other authors. It provides a prudent reduction of the cutter consumption. 

— CSM (mod. Frenzel) and Gehring models consider the cutter wearing in terms of weight 
loss and assuming 25 mm as average limit value allowed, respectively. On the other side, 
the NTNU model does not seem to contemplate this factor explicitly. For this reason, 
the cutter ring life should be adjusted in cases such as Vigo-As Maceiras, with average 
limit of 20 mm (Ramirez, P. et al 2014). It could be done by factoring the basic cutter 
ring life parameter from the NTNU model (Hp). A reduction factor could be estimated 
by checking the wearing history from cutters in similar hard rocks. In this context, 
a reduction factor of 0.75 has been estimated and applied to the case study of Vigo. 

— The penetration rate is an essential parameter in TBM projects in hard rock which is imple- 
mented in several cutter wear prediction models. An emphatic call for proper estimation of 
this parameter, at early stages of the project, should be made. 

— Regardless of the model considered, any prediction should be compared with previous tun- 
nelling experiences in similar rock conditions. 
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ABSTRACT: Shield TBM excavation in rock masses prone to face instability results in 
low advance rates, difficult driving, frequent stops due to high torque demands, overload- 
ing of the conveyor system, uneven configuration of the tunnel face similar to mixed-face 
conditions, excessive cutter wear and damage. Face instability can be discontinuity-related 
or strength-stress-related including spalling and rock bursting. Frequent variation of face 
stability conditions and its effect on the machine-geology interface, and thus the TBM per- 
formance, generally cannot be defined beforehand. The TBM contractor can do little when 
dealing with such conditions as systematic face reinforcement is not applicable on TBMs 
and therefore not a feasible measure for enhancing TBM performance; reducing TBM 
advance speed, cutter head rotation and the size of cutter head openings are amongst the 
few driving correction tools that the TBM operator can activate while boring through 
unstable face conditions. 


1 STATEMENT OF THE PROBLEM 


The present paper examines the problem of tunnel face instability from a technical and oper- 
ational point of view. Whereas the problem of face instability is well-defined for EPB and slurry 
TBMs in conditions where face counter-pressure is required, when it comes to tunnelling with 
shield hard rock TBMs little has been done in terms of its assessment, operational means and con- 
tractual clauses for dealing with it. However, face instability in shield rock tunnelling is a serious 
problem even when the TBM is still able to advance without requiring the rock mass to be con- 
solidated beforehand. Limited but frequent face instability, like the ones encountered during the 
excavation of deep and long transalpine tunnels (where site investigations are by default limited), 
significantly modifies the TBM interaction with the surrounding conditions resulting in loss of 
performance. Low advance rates, difficult TBM driving, frequent stops due to high torque 
demand, overloading of the conveyor system, irregularity of the tunnel face leading to mixed-face- 
like conditions that generates excessive cutter wear and damage are typical impacts. In general, 
the problem is discontinuity and/or strength-stress related. An unfavorable orientation of discon- 
tinuities can lead to blocks sliding towards the cutterhead. In the same manner, the formation of 
a yielded zone at the face (not necessarily associated with squeezing conditions) can cause face 
instability in formations of low or medium rock mass strength. Finally, in fragile massive rock 
mass the risk of spalling/rock burst at the tunnel face under high overburden is always present. 
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Unfortunately, the TBM contractor can do little when dealing with these conditions: systematic 
face reinforcement, such as the one used in conventional tunnelling, due to the sparse openings in 
the cutter head and shield has a very limited effect and is quite time-consuming. The adjustment 
of the TBM driving parameters, like reducing the advance speed, the cutter head rotation and 
even reducing the size of cutter head openings are amongst the few correction tools that the TBM 
operator can use to deal with unstable face conditions. 


2 RISK ASSESSMENT OF FACE INSTABILITY IN ROCK SHIELD TUNNELLING 


There is a certain kind of similitude between tunnel stability conditions, i.e. the stability of the 
tunnel crown, and tunnel face stability conditions. Face instability can be discontinuity controlled 
or stress-strength related. In the following paragraphs the two types of instability are examined 
through parametric analyses of 2D and 3D finite element (FE) modelling. The methods proposed 
aim at setting the guidelines for quantifying the risk of face instability and providing the means 
for a contractual treatment of this unfavorable condition in rock shield tunnelling. 


2.1 Discontinuity controlled instability 


Discontinuity-controlled instabilities 

Using single ubiquitous joint networks and the RS2ver. 9.03 (Rocscience Inc) 2D FE soft- 
ware the relative orientation of discontinuity sets with respect to the tunnel (simulated by 
a simple rectangular excavation) was analyzed. An example of an RS2 model Is shown in 
Figure la; results graphically processed are presented in Figures 1b-1f. 

The effect of the discontinuity orientation of the most persistent set with reference to face 
instability and therefore loads acting on the cutterhead is summarized in Table 1 which 
resembles the original table of the RMR system on discontinuity orientation on tunnel stabil- 
ity (Bieniawski, 1989). 

In addition to cutter head loading, detachment of blocks from the face results in an uneven 
tunnel face surface where the cutters and the cutter head plate are only in partial contact with the 
rock mass corresponding to conditions like the mixed face ones as discussed by Alber et al, 2018. 

Additional parametric analyses were conducted for evaluating the effect of the in-situ stress on 
the sliding forces acting on wedges/blocks formed from intersecting discontinuities on the face. 
These analyses did not indicate a correlation between the stress-tensor and wedge instability. 
However, face observations in massive rock with few discontinuities under high overburden sug- 
gest that this mechanism occurs and therefore this topic requires further study (see Figure 5a). 

It is worth stating here that the effect of joint orientation on the tunnel crown and sidewalls 
is quite different from that of the tunnel face. For example, horizontal layers may lead to over- 
break at the tunnel roof (resulting in partial confinement of the segmental lining), but do not 
result in face instability. 


2.2 Strength-stress controlled face instability 


The effect of the strength-stress ratio on face instability was evaluated by means of 3D para- 
metric analysis using the FEM software Midas GTS NX ver.2.1 (Figure 2a). Basic assump- 
tions are the following: hydrostatic stress field, staged excavation with length of advance steps 
equal to 1.0m, unsupported excavation profile, Hoek-Brown criterion correlations (Hoek and 
Diederichs, 2006) for rock mass parameters definition, elastic- perfect plastic constitutive law. 
Three excavation diameters were investigated (5,8,15m), GSI values varied from 50-80 and 
intact rock strength from 25-100MPa. 

At the face the acting stresses decrease. The magnitude of this decrease is due to the plastic 
zone extent (Figure 2b). The lower the strength-stress ratio (s;,,/sg) the more pronounced this 
decrease is. At the interface between plastic and elastic zones, stresses are higher, up to 30% 
of the in situ ones, following a gradual decrease from the peak value over an extension 
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(a) RS2 FE ubiquitous joint model (in red yielded (b) drive against dip, dip > 45° very unfavorable 
discontinuities were slip has occurred) 


(e) dip: 0-25°: very favorable layers (unfavorable if driving against dip) 


Figure 1. RS2 example model (a) and schematic representation of the results for discontinuity-oriented 
face instability (b-f). 


Table 1. Effect of discontinuity orientation on face stability with respect to tunnel axis. 


Strike perpendicular to tunnel axis 


Drive with dip Drive against dip 
25°< dip <75° Dip >75° 25°<dip<75° Dip >75° 
Favorable — fair fair* Unfavorable — very unfavorable Unfavorable* 
Strike parallel to tunnel axis Irrespective of strike 
Favorable Dip 0-25° 

Very favorable 


*layers of intact rock are loaded in compression leading to “popping” that may lead to progressive break- 
age of the rock material at the face. 
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equivalent to approximately 1 tunnel diameter (Figure 2c). At the same time, lateral confin- 
ing stress is also quite limited and tunnel dimension dependent, i.e., the larger the excavation, 
the longer the stretch of rock mass therefore the confining lateral stress is low (Figure 2d). 
This stress condition may explain why large-diameter TBMs encounter more problems in 
excavating in poor rock mass conditions with respect to smaller tunnels (size effect). The low 
confining stress results in an unfavorable loading condition that is clearly more pronounced 
for larger tunnels. 

Following this brief analysis of stress conditions at the face the results of numerical modelling 
were processed according to the approach presented by Georgiou et al. (2021) in order to correl- 
ate face extrusion and plastic zone extent with s,,,,/s9. Two non-dimensional indices were used: 


oy E, 
Da (1) 


Tunnel diameter: 8m 


—#— elastic - o „/9,= 1.0 
+a, /5, = 0.45 
—Oa_/a =0.25 

cm 0 
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(a) (b) 
14 ‘ 
1.2 
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0.2 —s— D=15.0m ‘ —+— D=15.0m 
0.0 . 
0.00 025 0.50 0.75 1.00 1.25 1.50 0.00 0.25 0.50 075 1.00 1.25 1.50 
Distance from the face / tunnel diameter [-] Distance from the face / tunnel diameter [-] 
(c) (d) 


Figure 2. 3D FEM model (a) and parametric plots of stress conditions at the face center line: (b) vari- 
ation of vertical acting stress, s, function of Sem/So for 8m-diameter tunnel; (c) variation of s, for Sem/So = 
0.25 function of the distance from the face for different tunnel diameters, D, (d) variation of lateral 
acting stress sy function of distance from the tunnel face for different diameters and 5,,,/sg = 0.25. 
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2d, 
ke (2) 


where 2 represents the face extrusion and is the function of the axial deformation at the center 
of tunnel face, D is the excavation diameter, En the rock mass modulus of deformation, og the 
overburden pressure (hydrostatic stress field is assumed) while @,, is the extent of the plastic 
zone expressed as the ratio of plastic zone extent at the centerline d,,, divided by D. 

Face extrusion is limited for Sem/Sọ values above 0.6; the increase in axial deformation 
increases sharply with decreasing face strength ratio and for values of Sem/Sọ below 0.25-0.4 
function of tunnel diameter; both face extrusion and plastic zone extent are relatively large the 
excavation is indicating a size effect (Figure 3). 

Based also on the works of Hoek (2001) and Georgiou et al. (2021), the following values of Q 
are considered as limit values for evaluating the risk of face extrusion in shield rock tunnelling: 


Q < 1 — Low risk 
1<Q < 2 — Medium risk 
Q >2 — High risk 


2.3 Spalling/ Rock burst risk at the face 


For values of strength-stress ratio higher than 1.0, under high overburden loads, and a mas- 
sive and high strength rock mass that behaves in a fragile manner, function of the intensity of 
the failure two mechanisms can occur: spalling and rock bursting. Spalling is more frequent 
along the sidewalls of an excavation while, as previously discussed, the presence of low confin- 
ing stresses at the face results in a stress state where rock bursting may occur. 


Q [-] 


KS 
— ar 
TRS 


0.2 0.4 0.6 


Son / 9, [H] 


(a) 


Figure 3. Variation of face extrusuion, W (a), and plastic zone extent, Fp (b) function of Sem/So. 


Using the same 3D FE software as for lower GSI values a number of parametric analyses 
were conducted focusing on the development of stress concentrations at the face for 2 horizon- 
tal-vertical in situ stress ratios (kọ) for a good quality rock mass (GSI > 80), intact rock 
strength variable from 80-200MPa and Hoek-Brown parameter m; ranging from 20 to 35. The 
parametric numerical analyses indicated that stress concentrations at the face change position 
and magnitude function of kọ. For kọ = 1.5, maximum principal stress at the sidewalls is 1.5 
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times the ones corresponding to a hydrostatic stress field where high stress is concentrated 
along the upper part of the face. 

In order to define the likelihood of rock burst the approach of Jiang et al. 2022 which 
accounts for the elastic energy density of the surrounding rock (U,), the ultimate energy dens- 
ity for intact rock (Up) as well as the brittleness of the rock as expressed by the ratio compres- 
sive — tensile strength (0, /o,) of intact rock was used: 


o? +05 +03 - 2v. (0102 + 0103 + 0203) 


2 
oO 
Y= = 
p= Ze (4) 
Oe Ue 
n= (5) 


where 6}, 62, 63 are the principal stresses and E the modulus of elasticity of intact rock. 

Incorporating the above equation in the FE 3D model it was possible to define the risk for 
spalling/rock burst at the face for various conditions. The results are summarized in Figure 4 
where the index C, is plotted against the ratio og and ce. 
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Figure 4. Spalling/Rock burst intensity at the face function of so/s., m; e ko. 


3 IMPACT ON TUNNEL CONSTRUCTION 


Clearly the TBM performance is conditioned by the frequency of occurrence of face instabil- 
ity, extrusion, and spalling/rock burst phenomena. Single events related to shear/fault zones 
which require additional measures, like consolidation grouting, may cause significant stand- 
still time even when such zones are known beforehand and treated in advance when the TBM 
is still situated in competent rock. Nevertheless, even if rock consolidation is not required 
when face instability is limited but frequent, the impact on rock shield tunnelling is negative 
and may result in low advance rates. The consequences on TBM tunnelling can be summar- 
ized as follows: 
Plastic zone at the face: 


— Cutter head blockage due to excess of muck entering into cutting chamber and increased 
torque demand; 
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excessive quantity of muck (with plenty of fines) and irregular load distribution along the 
conveyor belt results in overloading of the conveyor system, blocking of muck chutes and 
downfall of material from the conveyor; 

overextraction usually leads to over excavation ahead of the face resulting in a partially 
confined segmental lining ring and increased time for backfilling; 

localized face instabilities removed by the cutterhead while still boring through more com- 
petent sectors of the cross section lead to an uneven tunnel face (Figure 5c) resembling 
mixed face conditions resulting in abnormal cutter wear and damage caused by the repeat- 
ing impact of cutters on stronger rock; 

TBM deviation from the theoretical alignment (including sinking) due to “soft” material at 
the face, requires frequent steering corrections (both in horizontal and vertical directions) 
by applying uneven load distributions from the thrust rams on the segmental lining (that 
may also cause damage to the segments); 

excessive volumes of loose material entering during the regrip through the telescopic joint 
in the bottom of a double shield TBM. 


Blocky face conditions due to unfavourable discontinuity orientation, block expulsion or spall- 


ing Irock burst 


4 


the disintegration of the tunnel face into large blocks (for example due to the effect of 
block expulsion) generates uneven tunnel faces resulting in excessive vibrations, abnormal 
cutter wear and cutter damage resulting in conditions equivalent to mixed face (Figure 5d); 
unstable blocks of hard rock collected by the cutter head get stuck in the muck buckets 
creating damage and abnormal wear; 

unstable blocks of hard rock leaning on the cutter head create abnormal secondary wear of 
the face and the perimeter of the cutter head; 

large blocks of rock on the conveyor belt create uneven loading of the conveyor, damage 
and increased wear of muck chutes as well as damage/cutting of the belt caused by blocks 
smashing through transfer stations or blocks stuck inside muck chutes acting as a knife. 


COUNTER MEASURES FOR FACE INSTABILITY 


Contrary to face pressure TBMs where face instability is prevented by applying counterpres- 
sure, on hard rock TBMs, the operator has only a few ways of dealing with the impacts listed 
in chapter 3: 


reduction of the TBM advance speed, thrust and the cutter head rotation speed to reduce 
the material flow, TBM deviation, vibrations and cutter damage; 

counter steering to correct TBM deviation by increasing hydraulic pressure for selected 
thrust ram groups; 

activation of the “hydraulic brake” (counter pressure on the opposite side of the cylinder) 
on the upper thrust rams that is specific only to double shield TBMs in order to pull back 
the top of the front shield preventing the TBM from diving down; this is necessary when it 
is not possible to 

control the TBM by only increasing the hydraulic pressure on the lower thrust rams; in case of 
a single shield TBM the application of braking is not possible; during the driving of a tunnel in 
northern Italy, a system of steel cables were implemented (attached to the portal and a steel 
structure inside the tunnel) which worked like horse reins, allowing control aiming at prevent- 
ing the TBM sinking (Figure 5b); reducing the size of the muck bucket openings to control 
the size and flow of material entering into the cutter head; inevitably, this results in increasing 
wear of the cutter head and cutter consumption. 


Up to a certain extension of unstable conditions TBM advance can be controlled by apply- 


ing the above listed countermeasures. Further increase of face instability will finally make it 
impossible for the TBM to advance as the material flow will overfill the material chamber 
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Figure 5. (a) expulsion of a rock prism at the face in a hard rock mass under high overburden, (b) cable 
system for holding back a single shield, (c) rock mass plasticization of a schistose rock mass results in an 
uneven face; (d) uneven face due to detaching of blocks from a competent face. 


and/or the weight of the unstable rock mass leaning on the cutter head will push the torque 
demand above the limits of the installed drive power. In such situations TBM advance can 
only resume once the surrounding rock mass has been consolidated and the cutter head has 
been manually emptied and unstable rocks removed. 

As discussed in paragraph 3, the TBM also drives the functionality of the conveyor system 
and is heavily conditioned by the consequences of face instability. Attempts to control the 
maximum size and the distribution of the muck flow by means of crusher systems installed on 
TBMs have resulted in significant downtimes for the repair and maintenance of such equip- 
ment. Crusher equipment is generally dimensioned for the size of the stones to be crushed. 
TBM muck size distribution especially when driving through unstable face conditions and 
blocky ground is highly variable consisting also of large size blocks. The available space on 
TBMs is not sufficient for the dimensions of a crusher system able to cope with such condi- 
tions, especially in case of shield TBMs where no other option is left than installing the equip- 
ment on the TBM backup. 


5 CONSIDERATIONS FOR CONTRACTUAL IMPLEMENTATIONS 


In conventional tunnelling and open TBM excavations the impact of different geological con- 
ditions on the cost and advance rates as related to excavation and rock support can be con- 
sidered by agreeing upon different unit prices applied to rock mass classes or tunnel support 
classes. This possibility does not exist for tunnelling with shield TBMs where the ground is 
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supported by the segmental lining, independent from the quality of the surrounding rock mass 
(even if segments of different strength and steel reinforcement are included in the design). 

Other risk sharing approaches applied in TBM tunnelling are based on the definition of 
penetration classes established function of the achievable cutterhead net-penetration which is 
measured daily by carrying out TBM penetration tests. Also, semi-empiric models for the pre- 
diction of TBM advance rates have been used to monitor the theoretical net-penetration cal- 
culated for the actual geo technical parameters which are established based on daily face 
mapping and laboratory testing of rock samples collected during the TBM drive. The com- 
parison between the actual theoretical penetration and the contractual baseline may then trig- 
ger additional payment. 

Mechanisms introduced in contracts to share the risk of excessive cutter consumption are 
often based on laboratory tests which focus on the abrasiveness of rock formations given by 
only its mineralogical composition as these tests cannot account for the actual stress state the 
rock is subjected to at the cutterhead. 

Face instability is normally taken care of only in the extreme case when it finally comes to 
a standstill of the TBM and additional measures, like fore poling or consolidation grouting 
need to be applied. Many contracts include rates for TBM standstill and the consolidation of 
the instable rock mass. 

As stated above, a certain extension of face instability can be managed with a shield hard 
rock TBM, avoiding time, and cost intensive consolidation grouting. But still the TBM per- 
formance is negatively affected in such conditions by impacts that go beyond the mechanisms 
of cutter penetration or abrasiveness. These impacts are not represented by above-mentioned 
risk sharing models which need to be developed further to provide rules and mechanisms for 
the contractual management of the face instability phenomena discussed within this paper. 
When it comes to deep and long tunnels, this is the new species currently in evolution, con- 
tracts for face instability are urgently needed as the impact on tunnelling can be determinant 
for project duration and cost. 
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ABSTRACT: In slurry shield tunnelling, detailed understanding of the support mechanism 
of the slurry interacting with the soil at the tunnel face is of great importance. So far, no pre- 
cise statements can be made about the depositing of bentonite particles in the process of slurry 
penetration into the soil structure. In order to investigate the phenomena that occur during 
face support, an experimental set-up based on electrical resistance measurements was devel- 
oped to study the penetration of slurry into saturated soil. Various tests showed that particle 
deposition in the grain structure occurred with almost every combination of soil and slurry. 
The analysis of the electrical resistance over the penetration depth of the slurry clearly showed 
this by the dependence of the electrical resistance of the soil-slurry mixture. When considering 
the penetration depth, it becomes apparent that the properties of the fluid that has penetrated 
the pores of the soil differs substantially from to the initial slurry due to a decreasing particle 
content of the slurry with increasing penetration distance. 


1 INTRODUCTION 


For tunnel boring machines (TBMs) with active pressurised slurry support of the tunnel face, 
typically a bentonite slurry is used. The selection of the tunnelling technique to be used 
depends on the grain size distribution of the existing soil. The typical range of application of 
tunnel boring machines with slurry support includes both the grain groups that are small 
enough to ensure efficient stabilisation of the working face and the grain groups that are large 
enough to separate the excavated soil material from the pumped medium without any prob- 
lems. Stabilisation of the tunnel face is the most important task of the supporting fluid and is 
possible with or without overpressure, depending on the geotechnical and hydrogeological 
conditions. The investigation of the penetration behaviour of bentonite slurry in saturated soil 
usually takes place by means of penetration tests in the laboratory and can provide informa- 
tion about the penetration speed, the penetration depth and the formation of a possible filter 
cake. 


1.1 Bentonite particle deposition in slurry shield tunnelling 


The transfer of the effective support pressure or the “slurry overpressure” (defined as the dif- 
ference between the slurry pressure and the pore water pressure) onto the grain structure can 
happen in different ways. Generally, three mechanisms are described in literature. These are 
shown in Figure 1 and are expanded upon in the paragraphs below. 

In case of pure penetration of bentonite slurry into the soil, the bentonite particles are smal- 
ler than the smallest pore diameter (dj9 > 6 mm) of the soil (Figure la). The penetration depth 
of the bentonite slurry and thus of the bentonite particles can therefore be very large. During 
penetration, a supporting flow force is generated, which is transmitted via the grain structure. 
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The soil grains are stopped from falling out of the structure, and the collapse of the soil into 
the machine is prevented (Fritz et al., 2002). The shear stresses at the edges of the grain struc- 
ture caused by the flow resistance ensure stagnation of the bentonite slurry after a maximum 
penetration depth has been reached. The pore space is plugged after stagnation due to the 
transition from the liquid state to the gel state and further flow and associated penetration of 
the slurry is prevented unless the excavation front progresses further. (Kilchert & Karstedt, 
1984). 

The formation of an outer filter cake (Figure 1b) occurs when the diameter of the pore 
channels of the existing soil (dọ < 1 mm) is smaller than the particles contained in the benton- 
ite slurry. In this case, the slurry does not penetrate into the subsoil, but a direct filtering of 
bentonite particles takes place at the surface of the soil to be supported. The bentonite par- 
ticles deposited on each other act as a sealing membrane and are called filter cakes. The effect- 
ive supporting pressure is transmitted within the filter cake over a very short distance and is 
fully available as earth pressure stress to support the earth body (Kilchert & Karstedt, 1984). 
The filter cake and its properties are particularly relevant during shutdowns to prevent the 
collapse of the tunnel face under compressed air support. (Fritz et al., 2002) Near the surface, 
the formation of an outer filter cake leads to a significant reduction in permeability. The per- 
meability of sand to slurry and the permeability of filter cake to water differ significantly. 
With increasing bentonite concentration, both permeabilities decrease (Xu & Bezuijen, 2019). 

The formation of an inner filter cake (Figure 1c) is possible when the particle size of the 
dispersed bentonite particles is between the minimum and maximum pore diameter of the 
adjacent soil (1 mm < dig < 6 mm). In principle, the slurry penetrates the ground, but solid 
particles that are too large to pass through are filtered out at narrow points. At these narrow 
points, particles are successively deposited and lead to clogging of the pores. We can then 
speak of an internal filter cake. (Haugwitz & Pulsfort, 2018; Praetorius & Sch6Ber, 2016) 

The penetration behaviour of slurries into cohesionless unconsolidated soil and the associ- 
ated support of the tunnel face is of great importance for slurry shield tunneling. The devel- 
oped support mechanism, the interaction of the penetration layer with the excavation tools, 
the interactions between the soil and the slurry and finally the calculation of the necessary 
support pressure are all essential pieces of information to understand the processes at the 
tunnel face. Presently, however, little knowledge is available about the deposition of bentonite 
particles into the grain structure of the unconsolidated rock. Experimental investigations up 
to now have only provided limited information on the intercalation mechanisms as well as evi- 
dence of the acting support mechanism and the temporal development of the penetration. In 
general, a combination of these principles may occur in-situ. 


Pure penetration External filter cake Internal filter cake 


Direction of 
slurry flow 


slurry filled 
annular gap 


Figure 1. Support pressure transfer mechanisms according to Praetorius & SchéBer (2016). 


1.2 Electrical resistance measurements in practice 


Geoelectric measurement methods are used in various fields and are primarily utilised to investi- 
gate the spatial distribution of electrical conductivity or electrical resistance in the subsurface. In 
addition, statements can be made about the polarizability and the charging capacity of the 
examined material and thus, in connection with the electrical conductivity or the electrical resist- 
ance, structural changes can be determined and information about the geological conditions of 
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the subsurface can be obtained. As early as the 1930s, resistance-based investigations were car- 
ried out to non-destructively detect oil and gas deposits. It was recognised that cavities filled 
with crude oil or natural gas have a higher electrical resistance than formations saturated with 
saline water. (Knédel et al., 2005; Reichling, 2014). 

In addition to the areas of application mentioned above, geoelectrical measurement methods 
have also found their way into tunnel construction. There are examples of applications in both 
tunnelling research and practice. The patented BEAM (Bore-Tunnelling Electrical Ahead 
Monitoring) system for geoelectrical advance exploration for TBM tunnelling is a technology 
based on focusing electrical induced polarisation that has been used in more than 60 inter- 
national tunnelling projects. This method, which can be used in hard rock as well as in loose 
rock, works with low-frequency alternating current fields and enables an advance exploration 
length of about three tunnel diameters. (Kaus & Boening, 2008) Schaeffer & Money (2016) car- 
ried out FEM simulations with the aim of finding out which electrode arrangement makes the 
most sense for investigating the ground immediately in front of the cutting wheel. 

For this work, the two-point arrangement (Figure 2a) is relevant, which is also used for the 
structural investigation of concrete specimens (Figure 2b). The geometry factor is the quotient 
of the effective cross-sectional area Ay and the electrode spacing 1. 


a) 


Electrode | Electrode 2 


Figure 2. a) Two-point arrangement after Reichling (2014), b) Application of the two-point arrange- 
ment for the examination of concrete specimens Reichling (2014). 


2 MATERIALS AND METHODS 


To conduct different penetration tests, we used bentonite slurries with different solids content 
as well as two different soil types . The grading curves of two soils with grain diameters of 
0.5-1.0 mm and 0.063-4.0 mm are shown in Figure 3. Table 1 also shows the properties of the 
three bentonite slurries used with solids contents of 40, 50 and 60 kg/m’. 


2.1 Test setup and measuring principle 


Based on extensive preliminary tests (Kube, 2021; Kube et al. 2022), a penetration cylinder 
with a total of six measuring levels was developed. Figure 4a) schematically shows the experi- 
mental setup, Figure 4b) shows the experimental setup in the laboratory. 24 electrodes (6 
levels with 4 electrodes each) are embedded in the penetration cylinder of Plexiglas. A control 
programme was developed to record the resistances to the second, which makes it possible to 
set all the necessary parameters (measuring time, pause time, number of measuring cycles) and 
to carry out the measurement automatically and display it in real time. The voltage applied 
that provides measurable results is 24 V DC. Furthermore, two levels (top and bottom) are 
provided in the test cylinder outside the soil sample, which allow the electrical resistance of 
the introduced bentonite slurry and the displaced filtrate water to be recorded separately. 
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Figure 3. Particle size distributions of used soils. 


Table 1. Properties of the used bentonite slurries (Characterization according to German standards 
DIN 4126 and 4127). 


Parameter B1 4% - 40 kg/m? B1 5% - 50 kg/m? B1 6% - 60 kg/m? 
Density [g/cm°] 1.025 1.031 1.037 

Yield point (ball harp) [Pa] 12.35-17.27 17.15-22.84 36.38-48.16 
Marsh time [s] 34 38 45 

Electrical conductivity [uS/cm] 1680 1928 2160 

Filtrate water [ml] 11 10 9 

Filter cake [mm] 1.5 2.5 3.0 


Besides the penetration cylinder, two other cylinders (the slurry and filtrate water reser- 
voirs) are also necessary to carry out experiments. The slurry reservoir is filled completely 
with slurry and closed pressure-tight; the filtrate water reservoir is closed, but a necessary vent 
valve on the lid remains open. The desired overpressure is applied to the slurry via 
a compressed air connection on the slurry reservoir. The slurry is penetrated into the saturated 
test soil at the bottom of the penetration cylinder via a connecting hose. In the lower area of 
the cylinder, the slurry reservoir is located below the soil body. Hence, the slurry is homoge- 
neously distributed over the cross-sectional area before penetrating into the soil. A plastic 
sieve (Mesh size approx. 1.5 mm) prevents soil from falling into the area filled with suspen- 
sion. The filtrate water is then drained into the filtrate water reservoir via a connecting hose 
on the lid of the penetration cylinder. Both reservoirs are placed on laboratory scales so that 
the weight is continuously recorded. 


3 ANALYSIS OF BENTONITE PARTICLE DEPOSITION 


3.1 Penetration tests 


In preliminary tests without bentonite penetration(Kube, 2021; Kube et al. 2022), it has 
already been established that the introduction of bentonite particles leads to a reduction in the 
electrical resistance of the investigated medium. This is of particular relevance for the 
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a) Pressurized air 


Shurrycylinder on Scale 


Figure 4. 


Penetrationcylinder 


a) Schematic test setup; b) Test setup in the laboratory. 


Filtratewatercylinder on Scale 


interpretation of the measurement results of penetration experiments and forms the basis for 
the following analyses. 

The evaluations of the electrical resistance of penetration tests with soil 0.5-1.0 mm are sum- 
marized in Figure 5. Figure 5a) shows the results of penetration of a 4% bentonite slurry. 
Looking at the results, a penetration of the first 17 cm of the soil body can be seen within 
approx. 25 s and results in the asymptotic measured values. The last measurement level 53 cm 
is not reached, the stagnation of the suspension takes place at 40 cm (Figure 5d) - B1 4%). 
Increasing the solids content to 5% (Figure 5b) results in a delayed penetration between 12 cm 
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Evaluation of the electrical resistances of water-saturated soil (0.5-1.0 mm) during penetration 
of bentonite slurry at an overpressure of 30 kPa: a) B1 4%, b) B1 5%, c) B1 6%, d) Final stagnation depth 
of three penetration tests. 
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and 17 cm. The penetration depth is a bit further than the measurement level at 17 cm and stag- 
nation is at 23 cm (Figure 5d) - B1 5%). Figure 5c) shows the results of the penetration of the 
slurry with 6% solids content. As expected for a higher bentonite concentration, stagnation is 
less than in the previous cases. The electrical resistances at the 12 cm level show that although 
the first particles quickly reach this level, complete saturation with slurry takes some time. 
Measurement level 17 cm shows an increase in the electrical resistance at the beginning, which is 
due to a post-compaction of the soil and results from the pressure transfer of the slurry. Only at 
the end of the test do individual bentonite particles reach this level and lead to a minimal reduc- 
tion in electrical resistance. The final penetration depth is 14 cm (Figure 5d) - B1 6%). 

Figure 6 shows the evaluation of the electrical resistances (soil 0.063-4.0 mm) during the 
penetration of bentonite slurries with different solid contents. In Figure 6a), a pronounced 
time-delayed change in the electrical resistance can be seen - this means that the individual 
measuring planes are saturated with bentonite particles over a relatively long period of time. 
After approx. 40 s, the soil at a depth of 2 cm is completely saturated with bentonite slurry; 
only after approx. 200 s is the last measuring level in the soil body (17 cm) completely satur- 
ated. With a 4% slurry, particle retention already happens in a pronounced manner. When the 
solids content is increased to 5% (Figure 6b), there is a slight change in the results compared 
to Figure 6a). In particular, it is noticeable that the measurement levels at 12 cm depth and 
17 cm depth are offset in time and that the decrease in electrical resistance per time is also 
lower. The electrical resistance at 12 cm depth only stagnates after approx. 300 s. Only a few 
bentonite particles reach measurement level 17 cm and lead to a slight decrease in electrical 
resistance. A significant change can be seen with the 6% slurry (Figure 6c). The level at 7 cm is 
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Figure 6. Evaluation of the electrical resistances of water-saturated soil (0.063-4.0 mm) during penetra- 
tion of bentonite slurry at an overpressure of 30 kPa: a) B1 4%, b) B1 5%, c) B1 6%, d) Final stagnation 
depth of three penetration tests. 
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only completely saturated with slurry after approx. 170 s, levels 12 cm and 17 cm are not 
reached at all. At the level of measurement level 12 cm there is an increase in electrical resist- 
ance compared to level 17 cm due to compaction phenomena. 

The final penetration depths are shown in Figure 6d) and underline the measurement results 
of sub-figures a) to c). 


3.2 Bentonite particle deposition 


A summary of the test results from Figure 5 and 6 is shown in Figure 7. The evaluations show 
the electrical resistance over the penetration depth after the end of the test. The development 
of the electrical resistance can be used to make statements about both the penetration depth 
of the slurry and the retention of bentonite particles within the soil body. Particle retention in 
this context means that the electrical resistance increases over the penetration depth due to 
less available bentonite particles. 

The summary of the measurement results (Figure 7a) summarizes the findings and shows 
both that particle retention increases with a rise in the solids content and that the penetration of 
a 6% slurry does not reach measurement level 17 cm. Due to the described post-compaction, the 
electrical resistance at 17 cm penetration depth after the end of the test is above the electrical 
resistance of the water-saturated soil measured before the tests. 

The comparison of the measurement results in Figure 7d makes it clear that there is an 
almost linear increase in the electrical resistance over the penetration depth with penetration 
of a 4% slurry and thus to a linear decrease in the solids content. The significant increases in 
electrical resistance from measurement level 12 cm to 17 cm at 5% solids content of the ben- 
tonite slurry and from 7 cm to 12 cm (6% solids content) indicate that the penetration depth 
and thus the stagnation of the bentonite slurry has been reached in these areas. 
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Figure 7. Development of the electrical resistance over depth after completion of penetration for soils 
a) 0.5-1.0 mm and b) 0.063-4.0 mm. 


4 CONCLUSIONS 


The presented penetration test device corresponds to the final development step after various 
preliminary test stages (Kube, 2021 & Kube et al., 2022). In the analyses presented, it could be 
shown that with the help of the electrical resistance, statements about the development of the 
penetration behaviour of a slurry, its penetration depth and the deposition of bentonite par- 
ticles in the grain structure can be made. The fact that the electrical resistance of a soil 
decreases due to the introduction of bentonite particles makes these analyses possible. Using 
two different soils, it was be shown that the pore size has an influence on both the penetration 
development over time and the final state of penetration depending on the solids content of 
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the slurry. For tunnelling practice, it is particularly relevant that particle retention can be 
measured qualitatively. The filtering of bentonite particles leads to a change in the flow prop- 
erties of the pore fluid and thus to a possible change in the support effect. In future publica- 
tions, the extent to which particle deposition influences the yield point of the slurry and what 
consequences this could have for the calculation of the support pressure will be presented by 
the authors. 
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Simulation of EPB tunneling using discrete event model: 
Case study of various grounds in Korea 


J.W. Lee, H.B. Kang, Y.J. Shin & J.H. Jung 


Hyundai Engineering and Construction, Seoul, South Korea 


ABSTRACT: A Tunnel Boring Machine (TBM) tunneling is one of the most recognized 
methods used for underground construction in urban area as it has many advantages of 
safety, high speed, high quality, and is environmentally friendly. Thus an accurate estima- 
tion of its performance is necessary for the justification and successful use of TBM on any 
tunneling project. Normally the evaluation of TBM performance uses the rate of penetra- 
tion and utilization, which are highly affected by geological condition, machine and operation 
including site setting, various logistics and their interdependencies. Uncertain downtime and the 
combination of each factors should also be accounts. Some of above factors are hard to quantify 
and uncertain, making the evaluation inaccurate. To overcome the difficulty, a tunnel simulation 
technique was introduced. In this study, modelling tunneling activities and downtimes using dis- 
crete event simulation approach is applied to predict TBM performance. A railway tunnel project 
using EPB passing through mixed ground, hard rock and soft soil sections is considered for the 
development and verification of the model. Probabilistic input parameters are employed to take 
into unknowns occurred on site such as uncertain downtime and coupling factors. The results 
show possibility of predicting TBM performance based on good quality of input parameters of 
tunneling activities. 


1 INTRODUCTION 


1.1 Project description 


It is a railway tunnel site with a total length of 3,049m from Gangseo-gu to Gyeonggi-do and 
consists of 290m for conventional excavaion section, 2,702m for Shield TBM section, 5 evacu- 
ation passageways and 2 ventilation holes. The Shield TBM was planned to start at Shaft #2 
south of the Han River and reach Shaft #1 north of the Han River, and excavation was com- 
pleted with two EPB type equipment as a single-line parallel tunnel. The Shield TBM tunnel is 
designed for excavating soft rock, mixed ground, hard rock and sand ground. In particular, 
the 1.2km mixed ground is located under the Han River. The ground investigation revealed 
that alluvial deposit as Loose Sand, Silty Sand, Gravel, Weathered Soil, Weathered Rock, 
Soft Rock and Hard Rock, which are Granite and Gneiss with various weathering grade as 
shown in Figure 1. The tunnels have encountered various combinations of mixed faces (wea- 
thered rock in combination with soft rock and soil). After crossing the river, they have entered 
full face hard rock, and afterwards mixed soil with sandy gravel (Shin, 2022). 


1.2 TBM design 


The EPB TBM was applied to the site by comprehensively considering the site constraints, max- 
imum water pressure, and geological conditions. In consideration of the geological conditions 
above stated, in particular high water pressure and mixed grounds of the tunnel alignment, an 
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Figure 1. Plain view and cross section of Daegok-Sosa railway tunnel alignment. 


application of EPB was debatable. However, as land acquisition was a key issue during detailed 
design stage, EPB type machine manufactured by Herrenknecht was finally chosen and some 
technical measures were introduced to support the selection (Shin, 2011). The detailed equipment 
specifications are shown in Table 1. Disc cutters and cutter bits are arranged at appropriate inter- 
vals on the cutter head in consideration of the excavation route in which the soil and rock ground 
are mixed. 


Table 1. Specification of TBM. 


Item Specification 
TBM Type EPB 

Cutting diameter 8.1m 

Opening ratio 31% 

Cutter Disc Cutter 50Pcs 


Scarper 106Pcs 
Bucket 56Pcs 


Torque 7,510kNm/12,843kNm 
RPM 0~3.7 

Thrust force 66,523kN(350bar) 
Power 2,080k W(13x160kW) 


1.3 Performance 


It took a total of 710 days (about 24 months), starting from launching shaft on June 16, ‘19 
and reaching the sheet pile of the receiving shaft on May 25, ‘21. The advance rate of the TBM 
was evaluated as 114.1 m/month. The figure below shows the monthly excavation performance. 
The advance rate was low at the beginning, but the productivity gradually improved in the 
hard rock section and soil section. Various troubles (clogging, screw auger wear and ground 
improvement for CHI (Cutter Head Intervention)) occurred in the high-pressure mixed ground 
conditions under the Han River, which caused decrease in productivity. 
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Figure 2. Monthly productivity. 


Table 2. Average productivity by section. 


130 131 


14008, 
123 E| 
=| 
12009 
v 
aj 
10005 
c 
v 
2 
a0 & | 
E 
E l 
600 g| 
400 
206 
g 
3 4 «5 
2021 


UCS Length Period Advance rate 
Section (MPa) (m) (month) (m/month) 
Soft rock 92.9 270 3.2 83.7 
Mixed ground - 965 10.7 89.8 
Hard rock 117.7 918 7.0 131.6 
Soil - 549 2.7 201.0 
Total 2,702 23.7 114.1 


As shown in the cycle time chart below, excavation took up 24% and segment assembly and 
locomotive shifting accounted for 21%, so the work required for actual advance work took 45%. 
Maintenance, CHI, and others that are preparation steps for excavation are rated at 55%. Here, 
others means unable states for advance, including such as probe drilling, ground improvement, 
Screw conveyor jamming, and muck car derailment (except CHI and maintenance). 
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Figure 3. Pie chart of cycle time. 
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The 24-hour work history for TBM operation was continuously recorded, and based on this, 
the elements work items required for EPB TBM excavation are summarized in the table below. 
It can be broadly expressed as excavation, segment assembly, shifting of locomotive, CHI, and 
downtime. In this project, downtime can be divided into extension of piping and cables, back- 
fill system problems, muck out system (screw conveyor and belt conveyor) problems, supple- 
mentation of additives and hydraulic oil, delay in shifting of locomotive, and soil cleaning in 


the back- up system. 


Table 3. Downtime classification on EPB TBM. 


Main category 


Middle category 


Sub Category 


Downtime Preparation stage 


Excavation stage 


Ring assembly stage 


Locomotive shift stage 


Extension work 
Supplement 
Back fill system inspection 


Maintenance 

Muck out system trouble 
Safety set fault 

Ring install system trouble 
Transfer system fault 

Soil cleaning 

Machine trouble 

Working delay 


Rail, pie, fan tube and cable 
Additives and oils 
Hardware(Port, pipe) and 
software 

Periodic & urgent Inspection, 
broken, etc. 

Screw conveyor and belt fault 
Erector and ring adjustor fault 
Feeder fault 

Soil cleaning 

Gantry crane fault 

Dumping and loading delay 


2 SIMULATION MODEL OF EPB TBM TUNNELING 


2.1 Modeling 


In this study, the EPB TBM model was constructed using AnyLogic, a simulation modeling 
commercialization program. Simulation modeling uses three methods: discrete event, agent 
based, and system dynamic. Each method provides a certain range of levels of abstraction, 
and system dynamics assumes the highest level of abstraction, usually at the macro level. 
Discrete model supports lower-level abstraction than intermediate and process-based mod- 
eling is possible (Ilya, 2022). In this study, discrete model was applied to build a simulation 
model using time data of independent continuous events in the actual field. 
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Figure 4. Discrete model for EPB TBM simulation. 


The 1-ring excavation model was designed using the discrete model, and the events that may 
occur during the 1-ring excavation are listed in chronological order. The frequency of occurrence 
and duration of each event was applied as a probability distribution as shown below Figure 5. In 
the beginning, it was classified as detailed element work (sub category) during the 24-month 
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excavation period, but to improve the reliability of the probability distribution, element work 
was mainly classified based on the middle category and applied to modeling. 
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Figure 5. Probability distribution of event duration. 


In connection with the simulation model, the location of the TBM can be determined in the 
longitudinal section and plan view, and the status and location of the locomotive can be checked 
in real time. Various charts linked to the probabilistic working time generated from the simula- 
tion model, the work status can be checked in real time. In addition, the accumulated time spent 
on each event can be summarized and displayed in a table, and a real-time cycle time chart can 
be configured and checked. 
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Figure 6. Configuration of simulation model. 


2.2 Verification of simulation model 


Finally, it is configured to calculate the excavation time of the target tunnel by accumulating the 
probabilistic time data. From this, the actual construction period of the target project and the 
predicted period by the simulation can be compared, and further, the frequency of occurrence 
of each event and the required time can be compared. In the table below, actual construction 
data and simulation results were compared, and it was confirmed that very similar values were 
extracted. Since the simulation results are calculated based on probabilistic data, the average of 
10 results is applied to increase the reliability. 

In the total construction period, the difference between the model and the actual value is 
1%. In Downtime and CHI, the differences were 8.1% and 13.9%, respectively, and this is due 
to the occurrence of abnormal troubles during the excavation of mixed ground. 
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Table 4. Comparison between model and actual value. 


Category Model value(days) Actual value(days) Difference(%) 


Excavation 177.2 171.0 3.7 
Ring Assembly 82.2 79.8 3.0 
CHI 159.0 139.5 13.9 
Locomotive shift 61.3 62.6 2.1 
Downtime 223.6 243.3 8.1 
Total(month) 23.4 23.2 1.0 


3 CONCLUSION 


In this study, simulations were built based on the data of the actual railway tunnel TBM pro- 
ject and compared with each other, and the results were found to be quite similar. Based on 
such a simulation model, it can be used as a relatively reliable data to predict the construction 
period of the TBM project that is going forward or to be reviewed. 

The target site is an EPB TBM project that covers the entire ground from soil to hard rock 
and mixed ground under the Han river, thus various troubles occurred during excavation 
work. There is a limit to generalizing the frequency and time required for these abnormal 
troubles, and it is not appropriate to apply them to other projects. Therefore, further study 
will be needed to extract probabilistic data on the type, frequency, and duration of events that 
occur under normal excavation. 

In addition, the model developed in this study is limited to EPB TBM data so it is unable to be 
applied to the Slurry TBM project. Even in the case of the EPB TBM project, certain assumptions 
are required if the excavation system is different from the site referenced in this study. But it is 
meaningful that a means to predict the TBM performance was developed by considering the com- 
bination of cycle activities. In the future, for the development and expansion of the simulation 
model, it is necessary to focus on the recording of detailed cycle times for various TBM projects 
and data management. 
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ABSTRACT: When designing a TBM cutter head, Disc cutters spacing is an important 
design variable because it greatly affects the excavation efficiency of TBM. The excavation 
efficiency by the disc cutter can be confirmed through the specific energy, and the specific 
energy can be calculated by dividing the cutting energy by the excavated volume. The specific 
energy varies according to the disc cutter spacing and the penetration depth. As the spacing 
between the disc cutters increases, the specific energy decreases and then increases again after 
a certain value. In this case, the disc cutter spacing in the section showing the minimum spe- 
cific energy is called the optimal cutter spacing. As a result of investigating the 14-inch disk 
cutter spacing of the small shield TBM used in Korea, the disk cutter spacing was found 
between 80 mm and 100 mm. However, the clear basis for this cutter spacing is not known. 
Therefore, in this study, we investigated the disc cutter spacing of TBM used in Korea and 
study to verify it through numerical analysis of the discrete element method. As a result of 
performing the numerical analysis of the discrete element method, it was confirmed that the 
optimum specific energy was shown between 70 mm and 100 mm the disc cutter spacing. 
These results show that the cutter spacing of the currently used TBM is reasonable. 


1 INTRODUCTION 


In TBM design, the design of the cutter-head is an essential factor (Cho et al., 2010). To deter- 
mine the optimal spacing between disc cutters, we need to determine the S/P ratio that repre- 
sents the minimum specific energy. The cutter spacing with the minimum specific energy is 
called the optimum cutter spacing, and at the optimum cutter spacing, the energy efficiency in 
the cutting process is the best (Acaroglu et al., 2008, Rostami and Ozdemir, 1993). Real-size 
linear cutting machine experiments without considering scale factors are known to be the most 
reliable experiments for optimal spacing(Cho et al., 2010). For this reason, many researchers 
have conducted LCM tests to estimate the optimum cutter spacing (Balci, 2009, Chang et al., 
2007, Pan et al., 2019, Park et al., 2006). However, in the case of large-scale experiments, the 
equipment is expensive, and it is challenging to obtain solid-state solid specimens. 

As an alternative to these problems, research through numerical analysis is being actively con- 
ducted. Naghadehi and Mikaeil (2017) studied the chipping process according to the type of joint 
using the Universal Distinct Element Code (UDEC), a two-dimensional discrete element method. 
Also, Cho et al. (2010) analyzed the validity of the numerical analysis for optimal spacing by com- 
paring and analyzing the numerical results using the Autodyn3D and the LCM test results. 
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Particle Flow Code (PFC), a type of discrete element method (DEM), is known to simulate 
crack propagation and fracture behavior well. Roberto C and Salvador (2013) and Lee and Choi 
(2013) simulated the rock cutting process using Particle Flow Code 3D (PFC3D). However, the 
optimal disc cutter change according to the change of rock strength has not yet been studied. 

This study was conducted to estimate the optimal spacing of a 14-inch disc cutter used for 
a small TBM. We calculate the disc cutter spacing using a numerical analysis program using 
DEM. As for the analysis range, a study was conducted on the optimal spacing conditions for 
the face area of small diameter TBM. DEM analysis was conducted by setting the uniaxial 
compressive strength to 100 MPa and the indentation depth to 8 mm. 


2 LINEAR CUTTING METHOD(LCM) 


Since LCM is a real-size experiment, that can exclude scale effects. So it can be directly 
applied to predicting the excavation performance of TBM (Cho et al., 2010). The optimal spa- 
cing between the disc cutters can be determined by calculating the specific energy of the cut- 
ters. Specific energy refers to the ratio of the energy used for cutting to the energy used for 
volume cutting. Calculating the specific energy makes it possible to determine the optimal spa- 
cing between the disc cutters. The specific energy is calculated through the rotational force 
applied to the cutter, the cutting distance, and the rock chip volume. The specific energy can 
be calculated through Equation (1). 


SE =| (1) 


Where, SE=specific energy; F.=applied rolling force of cutter, V.=chip volume. 

When the cutters have the same penetration depth, the specific energy decreases and then 
increases based on a particular spacing as the spacing between the two cutters increases. If the 
spacing between the two cutters increases and the tensile crack is not connected, the specific 
energy tends to be constant. Figure 1 shows the specific energy change according to the S/P ratio. 


[(@) Too small spacing) [(b) Optimum spacing |  { (€) Too large spacing | 
Ce spacing} q (b) Optimum spacing} q (9) Too large spacing 


SE 


S/P ratio 


Figure 1. S/P ratio — Specific energy trend. 
3 DISCRETE ELEMENT METHOD ANALYSIS 


3.1 Micro-properties of PFC3D 


The discrete element method (DEM) is a numerical analysis method for discontinuities, and it 
creates a model to be analyzed by setting many particles and contact models. According to 
Labra (2017), DEM is known to simulate crack propagation and fracture behavior simula- 
tions better. This study used PFC3D, one of the DEM techniques, to simulate rock chips’ 
occurrence due to tensile cracks’ propagation. 

For continuum models, the input properties (such as modulus and strength) can be derived 
directly from measurements performed on laboratory specimens. For the Bonded Particle 
Model in PFC, components’ input properties are usually unknown. The relation between 
model parameters and commonly measured material properties is only known a priori for 
simple packing arrangements (Potyondy and Cundall, 2004). 
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The contact model used in this study was a parallel bond model, and micro-properties were 
selected through try-and-error. The micro-properties were selected by repeating the analysis of 
necessary property tests through PFC3D. Table 1 presents the micro-properties of uniaxial 
compressive strength (UCS) 100Mpa and Brazilian tensile strength (BTS) 19MPa. 


Table 1. Micro-properties of rock model. 


Property type Micro-property value 
Ball R (mm) 3.0 
pp (kg/m*) 2,720 
u 0.30 
k, (MN/m) 25.0 
ks (MN/m) 12.5 
Parallel bond kn (GPa/m) 24,000 
ks (GPa/m) 12,000 
T: (MPa) 21.0 
c (MPa) 42.0 
(°) 30.0 
B 0.1 


Where R=ball radius, p, =ball density, w=ball friction coefficient, k,,=ball normal stiffness, 
ks=ball shear stiffness, k,=bond normal stiffness, k;=bond shear stiffness, o-=bond tensile 
strength, c=bond cohesion, ¢=bond friction angle, S=bond moment-contribution factor. 


3.2 Rock specimen model for the face area 


Rock specimens of 380 mm * 80 mm * 120 mm were simulated to analyze the optimal spacing 
of the disc cutter for the face area (Figure 2a). The size of the disk cutter was 355.6 mm 
(14-inch), and the linear cutting speed of the cutter was 2 m/s used in the study by Sanio (1985). 
After performing the first cutting, cutting was performed at a specific interval, and the ana- 
lysis interval was performed in 20 mm increments from 20 mm to 180 mm. 
Figure 3 shows the analysis results of LCM, and the formation of rock chips decreased 
when the disc cutter spacing was more than 120mm. This result means that the two tensile 


120 mm 
“i 


80 mm 


(a) (b) 
Figure 2. LCM rock specimen for PFC3D analysis: (a) before first cutting, (b) after first cutting. 


1325 


cracks (first cut, the second cut) are not connected. Therefore, we judged that the excavation 
efficiency would decrease at the cutter spacing of 120mm or more. To express this quantita- 
tively, we constructed a specific energy curve using the volume of the cut rock piece and the 
rolling force applied to the cutter and analyzed the trend (Figure 4). 


(c) (d) 


Figure 3. LCM analysis results according to spacing: (a) 40 mm, (b) 80 mm, (c) 120 mm, (d) 160 mm. 
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Figure 4. Specific energy result according to S/P ratio. 


4 CONCLUSION 


In this study, we conducted a cutting simulation on the face area to study the optimal cutting 
conditions of the disc cutter. The analysis target UCS was set to 100 MPa, and the penetration 
depth of the disk cutter was 8 mm. 

The optimal cutting conditions for the face area were analyzed by increasing the interval 
after the first cut. The specific energy decreased as the S/P ratio increased but increased again 
when the S/P ratio was greater than 10. We take this as evidence that the optimum cutting 
conditions are shown between the cutter spacing between 70mm and 100mm. Tensile cracks 
due to cutting did not connect when the cutter spacing was more than 120 mm. These results 
show that the cutter spacing of the currently used TBM is reasonable. 
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ABSTRACT: Small diameter tunneling in hard rock gets increasingly widespread due to the 
surge of renewables energies and the need for new and longer utility tunnels. The large variety in 
this small diameter range in hard rock includes different TBM types, cutterhead designs, cutter 
types and most notably geotechnical conditions. Predicting the advance rate for such project con- 
ditions in hard rock is an important factor in tunnel project planning and execution. Data from 
more than 35 small diameter hard rock tunneling pipe jacking and segment lining projects has 
been compiled and analyzed. Our analysis showed that the achieved performance for such pro- 
jects varies considerably from the prediction with industry-standard penetration models. This 
paper will give an insight into the wide variability of small diameter hard rock tunneling and the 
associated challenges in performance prediction. 


1 INTRODUCTION 


Since many decades, the penetration prediction of TBMs is of utmost importance for the 
planning of tunneling projects all over the world (Rostami & Ozdemir, 1993; Rostami, 1997; 
Bruland, 1998). The penetration rate is key for the right choice of the excavation method, the 
competition to drill and blast as well as the economics and project planning of such jobsites 
(Macias & Bruland, 2014). The most commonly applied penetration prediction models come 
from the Colorado School of Mines (CSM, Rostami, 1997) and the Norwegian University of 
Science and Technology (NTNU, Bruland, 1998). More and more tunnels are being built 
with small-diameter TBMs for the construction of utility tunnels with up to 4 m inner diam- 
eter. Utility tunnels cover a wide application range comprising sewer, stormwater, freshwater 
or hydropower as well as cable tunnels and casings for pipelines transporting gas or hydro- 
gen. Thanks to technical innovations, these small TBMs have also been used increasingly in 
hard rock in recent years. These technical innovations include more powerful main drives, 
newly adopted cutter geometries such as TCI cutters, interjacking stations, telescopic stations 
and telescopic gripper stations, and reinforced jacking pipes for pipe jacking. In addition, 
thanks to digital control and monitoring of the TBM, maintenance intervals can be planned 
more efficiently and thus drive lengths can be achieved that would not have been feasible 
some years ago. At the same time, proven techniques like pipe jacking for sea outfalls have 
also been deployed in hard rock with great success. Until recently, implementing long- 
distance microtunneling in very small diameters (~ 0.5 m — 1 m) in hard rock has been diffi- 
cult or even impossible. 
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1.1 State of the art 


Utility tunneling projects are generally characterized by small diameters below 4 m inside diam- 
eter. However, there are exceptions with larger diameters (e.g., large hydropower projects). These 
tunnels, ranging from 1 to 5 m in diameter, can be excavated in hard rock using a variety of 
methods, including different TBM types such as Gripper, Double Shield, Single Shield, Slurry, 
and EPB machines (Maid! et al., 2008; Sterling, 2020). Generally, pipe jacking is applied at small 
diameters below 2.5 m diameter and segment lining is widespread above 3.5 m. However, in the 
diameter range of 2 m to 4 m, the applications are becoming more diverse. Pipe jacking projects 
are venturing into increasingly difficult subsurface conditions with very hard rock or even highly 
fractured rock masses. With these machine dimensions uniaxial compressive strength values over 
200 MPa can be handled. In addition to the TBM type and diameter, the cutterhead itself can be 
either a hard rock cutterhead with cutters designed to crush the hard rock or a mixed ground 
cutterhead to cut the (weaker) rock with both cutters, knives and scrapers (Stein, 2003). With 
this type of cutterhead, it is not possible to determine the portion of the cutting mechanism that 
occurs with the cutter discs and how much the other tools, such as knives and scrapers, contrib- 
ute. The selection of the machine and cutterhead depends heavily on the geotechnical conditions. 
Depending on the depth and location of the project, rock conditions can vary significantly from 
project to project and even within a single project, requiring special engineering adjustments or 
compromise solutions to accommodate heterogeneous soil conditions (Stein, 2003). 

All these internal and external parameters make it very challenging to accurately predict the 
performance of small diameter TBMs in hard rock. While many penetration prediction 
models are available in the literature about large diameter projects, very little has been yet 
published about small diameter hard rock projects and their performance (Barla et al., 2006; 
Sheil et al., 2016). From some projects and in the industry, it is known that the models, which 
work for large machines with corresponding power and large disks, give results with very vari- 
able accuracy for small projects. Thereby, a performance prediction is also important for such 
projects, especially if the diameter is too small for manning and maintenance entries or so- 
called safe havens for changing cutter tools have to be determined in advance. Furthermore, 
an accurate performance prediction is very important for the prediction of maximum drive 
length, defining the number of necessary number of shafts and the overall jobsite layout, foot- 
print and costs. 


1.2 Penetration prediction models 


As mentioned above, plenty of penetration and advance prediction models already exist. Prob- 
ably the most-deployed penetration prediction model in science and industry is the model from 
the Colorado School of Mines (CSM). It was developed by Rostami and Ozdemir (1993) and 
Rostami (1997) and refined by Rostami (2016). The reason for its popular use is the easy hand- 
ling, the good results and the geological input parameters, which are limited to unconfined com- 
pressive strength (UCS) and tensile strength (TS) and thus available for the vast majority of 
projects. The model of the NTNU delivers similarly good or even better results (Bruland, 1998; 
Macias, 2016). However, a large number of geotechnical parameters (especially joint parameters) 
is used here, which are oftentimes not available especially for small diameter projects. Another 
important model was developed by Farrokh et al. (2012). It offers a simple formula with rela- 
tively little geotechnical input. The same applies to the models from Hassanpour et al. (2011) 
and Goodarzi et al. (2021). The model from Gehring (1995) and the updated version from 
Thuro et al. (2015) and Wilfing (2016) (“Alpine Model”) have been largely deployed in the Alps, 
but also require a very precise knowledge of the numerous input variables. In recent years, many 
models applying AI have been published for numerous projects especially in Asia (Gao et al., 
2020; Zhou et al., 2021). 

However, most of these models have the problem that they are based on only a few case 
studies and in some cases on data that is several decades old. This is especially the case for 
many of the newer AI models, which work very well for the specific project(s) and geotechnical 
conditions for which they were developed, but are not suitable for broad application either due 
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to lack of input parameters or due to overfitting. At this point, however, it must be stated, that 
the industry is not entirely innocent of this, as it is usually very difficult and expensive to 
obtain a sufficiently large amount of data especially at small-diameter projects. 


2 METHODS AND DATABASE 


A total number of 37 tunneling projects has been analyzed and their geotechnical and machine 
drive data has been compiled in a small diameter hard rock database. This database contains 
mostly information from projects between 1 m and 5 m diameter, with tunnel length ranging 
between several tens to several thousands of meters of drive length, obviously depending on 
the machine type and especially the lining procedure. This data has been subsequently hom- 
ogenized and averaged for homogeneous ground areas (see Farrokh et al. (2012)). The data- 
base contains information for the following important parameters: 


« TBM parameters (e.g. torque, revolution speed, advance rate, thrust, lining principle etc.) 

* cutterhead design (number of cutters, cutter type, max load etc.) 

e geotechnical parameters (lithology, UCS, TS, PLI, CAI, RQD, Q etc.) 

e machine drive parameters (advance rate, penetration rate, torque, revolution speed, thrust 
force, earth/water pressure) 

* project information (country, project name, length etc.) 


However, it has to be stated that not always all information is available for every project. 
This is especially true for the geotechnical parameters, as in general the amount of geotech- 
nical data varies considerably from tunneling project to tunneling project (Jakobsen & Baben- 
dererde, 2017). Most of the projects included in the database have been carried out in the last 
ten years. 


3 REFERENCE PROJECTS 


The following section will highlight three exemplary reference projects in different diameter 
ranges, introducing the large technical variability (like cutterhead design, size, cutters, TBM 
type etc.) and the differences in performance and geotechnical data which is characteristic for 
small diameter TBMs in hard rock. 


3.1 Exemplary project TBM 3000: Kowloon drainage tunnel, Hongkong 


The water drainage systems in Kowloon, Hongkong, have been constructed more than 45 
years ago and owing to rapid developments and changes in land use over the last years, nat- 
ural ground has been paved over and became impermeable. The inability of the drainage sys- 
tems of coping with the increased surface run-off led to flooding during heavy rainstorms 
causing traffic disruption, properties damage and safety risk of the public. To alleviate the 
problem, a 2.8 km long drainage tunnel has been constructed with an inner diameter of 
3 m. Therefore, a Double Shield TBM 3000 has been deployed and the tunnel was excavated 
in less than a year. The segment lining TBM had a cutting diameter of 3835 mm and an 
installed performance of 800 kW. The TBM was equipped with 24 1-Ring 17” disc cutters. 
Even though the strength of the granite was baselined with an average of 155 MPa, the 
actual geotechnical conditions seemed to be better with values averaging between 60 MPa 
and 120 MPa according to samples taken during tunneling. The average TS was 7.6 MPa, 
while the PLI (point load index) was 5.1 MPa. As usual for such projects, no information 
about the rock mass quality was given but some moderately to strongly weathered core sec- 
tions were observed. An average advance rate of 62 mm/min was achieved (Figure la). With 
an average revolution of 12.1 rev/min, the average penetration rate was 5.2 mm/rev. The 
average thrust force per ring was 150.1 kN/ring. 
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3.2 Exemplary project AVN 1800: Landivisiau gas pipeline, France 


In order to give an example of a typical hard rock pipe jacking project included in the data- 
base, a project in France is presented hereafter. Brittany, in France’s far west, is largely 
dependent on energy from neighboring regions. More than 80 percent of its electricity is 
imported. In order to become more independent and to meet the increasing energy consump- 
tion of the Bretons, a new natural gas combined cycle power plant with 450 MW capacity was 
built. To connect the power plant to an existing natural gas pipeline, a new 20-kilometer pipe- 
line was needed, running from Saint-Urbain to Landivisiau. Among other things, this route 
had to pass under the Elorn River and the Paris-Brest railway with low overburden. An AVN 
1800 with an outer diameter of 2185 mm has constructed a 530 m long tunnel in the Finistère 
department using the pipe jacking method. The 250 kW TBM was equipped with 8 2-ring and 
5 center cutters, all with 12”. Starting from an 8-meter-deep shaft, the TBM was tunneling 
through Variscan basement rocks comprising gneiss, granite and schist (Figure 1b) with rock 
strengths of up to 185 MPa, much stronger than the previously given 30 MPa to 50 MPa 
during the geotechnical exploration campaign. Along the tunnel route, the TBM tunneled 
a gradient of 17 percent, a curve radius of 700 meters and a water pressure of up to 4 bar. 
Furthermore, a 26 m height difference between the entry and exit points and a 40 m drop 
between the entry point and the deepest point on the bore path were mastered. The average 
advance rate was around 18 mm/min, while the average penetration rate was 3.4 mm/rev. The 
average thrust force per ring was 60.3 kN/ring. The 12”-cutters were inspected and changed at 
every intervention, which was executed at regular intervals of 50 m due to the complex geo- 
technical conditions. The successful breakthrough was celebrated in October 2020 (Figure Ic) 
and the power plant became operational in February 2022. 


3.3 Reference project AVN 800: Water mains improvement project, Hong Kong 


This reference is part of the larger water and saltwater mains improvement project with an 
overall length of 56 kilometers. It involves installation and commissioning of new pipelines, 
and rehabilitation and surveying of existing pipelines with diameters of up to ID 1400. The 
project is located in Hong Kong and is owned by the Water Supplies Department. Pipe jack- 
ing has been selected as the preferred method to install the 107 meters long section, with 
a constant radius of 153 meters (Figure 1c). The complete tunnel alignment leads through 
granitic rock with maximum UCS of 200 MPa. Steel pipes with 3 meters length have been 
selected for the installation. It proved being beneficial to provide enough support for the 
higher jacking loads encountered in this hard rock application. An additional benefit of the 
welded steel pipes for hard rock is the capability to counteract the roll, generated by the high 
cutting wheel torque needed to chip the rock. Due to the hard rock condition with a UCS of 
up to 200 MPa and the small diameter of only 960 mm (OD), an AVN 800 HR for hard rock 
has been selected. As cutting tools, conical 317mm cutters with TCI inserts have been selected. 
The AVN 800 HR has an installed power of 90 kW, enabling a cutting wheel rotation speed 
of max. 26 rpm and a maximum torque of 55 kNm. It took an overall 60 days to complete the 
drive, including several idle days. Average daily performance was 4 m/day. Average advance 
rate of 20 mm/min was achieved with penetration rates around | mm/rev and thrust forces of 
90 to 100 kN/cutter. 


4 PERFORMANCE ANALYSIS 


Having presented three exemplary reference projects and their performance, a more general over- 
view of the performance of small diameter TBMs in hard rock is necessary. Therefore, a small 
diameter hard rock TBM database has been compiled and excerpts are shown in Figure 2. Each 
datapoint corresponds to one homogeneous area, which can be either formed by a geotechnically 
homogeneous tunnel drive or a part of this tunnel drive. Figure 2a demonstrates a strong correl- 
ation between the UCS and the penetration rate which is especially pronounced for Double 
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Figure 1. (a) Performance rates at the tunnel drive in Hong Kong; (b) Breakthrough of the AVN1800 
after a challenging 530 long pipe jacking drive in strong to very strong Variscan basement schists. (c) 
Extremely compact launch shaft design with approx. dimensions of 3.5 m width and 6.5 m length for 
limited space available in Hong Kong. 


Shield (DS) and Gripper TBMs. However, it is obvious that the small diameter Slurry TBMs 
(AVNs) do not reach the same penetration rate at an equivalent rock strength. The same mes- 
sage is transported in Figure 2b, where it is mainly differentiated between Segment Lining (SL) 
and Pipe Jacking (PJ) drives. In general, SL TBMs are much faster (by a factor of 2 or 3) than 
PJ TBMs in comparable ground conditions. This correlation is not well visible using the tensile 
strength (TS, Figure 2c), however, the PLI (Figure 2d) seems to have a good correlation with 
the achieved penetration rate. Unfortunately, a more precise specification is not possible here, 
since the geotechnical investigation oftentimes is very rudimentary in many projects. In many 
cases only a compressive strength is given and further helpful geotechnical parameters such as 
TS, PLI or Q are not available. Figure 2e illustrates the strong correlation between the TBM 
diameter and the actually used cutter thrust force per cutter ring. Here, it seems like that SL 
TBMs reach higher thrust forces per ring because of the fact that they have a larger machine 
diameter. Figure 2f shows the general dependency of high penetration rates and higher cutter 
thrust forces. In other words, the higher the thrust force per cutter, the higher the potential for 
high penetration rates. The dashed line in the graph marks the limit between inefficient and 
efficient chipping process (Wilfing, 2016). Finally, it can be stated that an efficient chipping 
process in hard rock generally needs cutter thrust forces well above 100 kN (Figure 2f). 


5 PROPOSAL FOR A BETTER PERFORMANCE PREDICTION 


Even though this section will not propose another updated performance model, its intention is 
to give some hints to properly use existing models. The CSM model works well for projects 
with little geotechnical data, as it only needs the UCS and TS as geotechnical input param- 
eters. However, it is based on the chipping behavior of rocks. Therefore, it also should only be 
used in rock which are to be chipped with disc cutters. As the performance analysis revealed, 
this efficient chipping process is oftentimes not taking place for small diameter TBMs with 
lower thrust forces per ring. Hence, these TBM types (as presented in reference project 2 and 
especially 3) either have a generally lower performance, or compensate the lower penetration 
rate with much higher revolution. However, the rock cutting mechanism is then not chipping 
anymore, but much more grinding and crushing. This fact is taken into account by deploying 
more and more TCI cutters for very small diameter TBMs. Another important factor is the 
strength of the rock itself. Figure 3 clearly shows that the CSM model works best in its 
intended area of application and is therefore recommended for segment lining projects with 
UCS values above 50 — 60 MPa. A comparison of different existing penetration prediction 
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Figure 2. Performance analysis of small diameter hard rock tunnel drives. (a) and (b) are demonstrating 
the correlation between the UCS and the penetration rate, while (c) shows that the TS is hardly correlated 
with the penetration rate. However, (d) shows again a good correlation between the PLI and the pene- 
tration rate. (e) illustrated the strong correlation between the TBM diameter and the actually used 
cutter thrust force per cutter ring. (f) shows the general dependency of high penetration rates and 
higher cutter thrust forces. The dashed line in the graph marks the limit between inefficient and effi- 
cient chipping process (Wilfing, 2016). Note that AVN = Small diameter Slurry TBM, DS-TBM = 
Double Shield TBM, EPB = Earth Pressure Balance TBM, SL = Segment Lining, PJ = Pipe Jacking, 
RL = Rib and Lagging, none = no other precast lining process. 
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models with the performances of more than 35 recently completed small diameter pro- 
jects in hard rocks revealed that the model from Farrokh et al. (2012) leads to the over- 
all best results if little geotechnical information is available for such application 
scenarios. For pipe jacking projects, we found out that the model from Goodarzi et al. 
(2021) yields to more accurate results than other models and therefore recommend its 
application for penetration prediction of such projects in hard rocks. In addition, 
a machine learning model using the Gradient Boosting Regressor approach provides 
very promising results and might pave the way for an even more accurate penetration 
prediction in the future. 


6 DISCUSSION 


Already the three exemplary projects show the trend, that the achieved penetration rate 
mainly depends on the diameter of small diameter machines. Of course, the diameter 
alone makes no penetration rate, but depending on the machine diameter stronger main 
drives, motors, pumps, cutter and a more dedicated hard rock cutterhead can be used 
and positively influence the penetration rate. However, the low penetration rates of 
small diameter TBMs are at least partially compensated with higher revolution, which is 
very well true especially for the AVN 800 HR presented in the third reference project. 
The machine works with TCI cutters, while other small-diameter TBMs have 2- or 
3-ring cutters (e.g. the second reference project). This makes it extremely difficult to 
deploy existing chipping-based penetration models for such small diameter TBMs. There- 
fore, it is suggested to use penetration models for small diameter TBMs, which are not 
relying on the physical chipping process but rather on a large database. A detailed study 
about the performance of small diameter TBM in hard rock and its penetration predic- 
tion is currently underway. Further research has to answer the question which geotech- 
nical factors are really relevant for the penetration prediction of small diameter TBM 
and are easy and cost-efficient to obtain on the other side. 
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Figure 3. Difference of the CSM-predicted penetration rate and the actual penetration rate in depend- 
ency of the UCS. 


7 CONCLUSION 


Knowledge of the penetration rate and its prediction is key for successful hard rock tunneling 
and especially challenging with small diameter TBMs. Experience gained in three selected 
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hard rock projects is presented. Data from 37 small diameter hard rock tunneling projects has 
been compiled and analyzed. The UCS shows the best correlation with the penetration rate, 
and also the PLI seems to have a good correlation. Furthermore, it can be stated that an effi- 
cient chipping process in hard rock generally needs cutter thrust forces well above 100 kN. 
Due to the lack of sound geotechnical exploration for such small projects, generally no infor- 
mation is available on the rock mass. Our analysis shows that the achieved performance for 
such projects varies considerably from the prediction with industry-standard penetration 
models. However, the model from Farrokh et al. (2012) leads to the overall best penetration 
prediction results for small diameter tunneling in hard rocks and the model from Goodarzi 
et al. (2021) works best for hard rock pipe jacking. In order to increase the accuracy of per- 
formance prediction, these models need to be refined or tuned with a large new set of data in 
order to pave the way for an improved performance prognosis for small diameter TBMs in 
hard rock. 
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ABSTRACT: The proposed Orange Line project is a 32.2 km light rail transit corridor that 
will serve downtown Austin in Texas, USA. The project includes 5.2 km of 10.4 m excavation 
diameter single bore double track TBM tunnel. A hybrid TBM will be used to bore through 
the limestone and shale rock and alluvium soil of downtown Austin crossing under the Color- 
ado River. Orange Line has four underground stations in downtown Austin. The project also 
includes two emergency egress buildings, one storage track facility, and the two approach 
structures. Precast tunnel segments are to be made of fiber-reinforced concrete (FRC). FRC 
segments are superior for crack control and more cost effective overall and are therefore the 
preferred solution for this project. This paper presents the details of the design of tunnel, sta- 
tions, and other underground structures of this major project. 


1 INTRODUCTION 


The underground portion of the Orange line LRT is about 5.2 km long extending from the 
South approach structure located near the intersection of College Avenue and South Congress 
Avenue to North approach structure located near intersection of Guadalupe Street and W21st 
Street. This portion includes about 3.7 km of single bored tunnel, four cut-and-cover stations, 
two emergency egress buildings, storage track facility, and the two approach structures. The 
project is in the design phase. 

The proposed tunnel alignment is anticipated to excavate primarily through bedrock of the 
Austin chalk/limestone, Eagle Ford shale, Buda limestone and Del Rio clay shale. Although 
most of the TBM tunneling is expected to bore through the competent rock, a mixed-face sec- 
tion is anticipated for the bored tunnel between the Auditorium Shores station and the Color- 
ado River crossing. The mechanized shield tunneling as the preferred excavation method is 
selected based on existing geotechnical challenges, evaluation of cost estimates, risk mitiga- 
tion, noise and vibrations. A universal ring system is proposed for the TBM tunnel, and the 
key segment can be located anywhere in the tunnel for turning the ring into any desired direc- 
tion: up, down, left, right, and their combinations. Precast tunnel segments will be made of 
fiber-reinforced concrete (FRC). FRC segments are superior for crack control and more cost 
effective overall and are therefore the preferred solution for this project. 

Four underground stations (South Congress, Auditorium Shores, Republic Square and 
Government Center) are planned in the downtown underground segment. The first, South 
Congress station would be located in the heart of the South Congress business district south 
of the river. The second, Auditorium Shores, would be located south of the Colorado River 
along West Riverside Drive between Barton Springs Road and South Congress Avenue. The 
third, Republic Square, would be located north of the river under Guadalupe Street between 
5th and 6th Streets; and the fourth, Government Center, would also be located under Guada- 
lupe Street at 12th Street. The stations are either two or three levels cut-and-cover structures 
or two-level sequential excavation method (SEM) structures. Multiple constrains along the 
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alignment of the tunnel, such as depth of the cover under the river, the junctions with other 
metro lines, etc, factor into deciding whether a station is deep enough to be built as cut and 
cover station or using the SEM method. 


2 GEOLOGICAL CONDITIONS 


The proposed tunnel primarily is anticipated to be advanced through bedrock of the Austin 
chalk (Kau), Eagle Ford (Kef), Buda (Kbu), and Del Rio (Kdr) formations (Figure 1). 
Although most of the tunnel is expected to be bored through competent rock, mixed-face con- 
dition is anticipated for the bored tunnel between Sta. 466+25 and Sta. 486+50. The alluvium 
and the Lower and Upper Colorado River terrace deposits are the youngest geologic units to 
be encountered along the proposed tunnel alignment. Colorado River terrace deposits gener- 
ally consist of tannish-yellow to orange, brown, and gray sand, silt, clay, and gravel in varying 
proportions resulted from ancient flooding of the Colorado River and roughly represent 
former levels of the river, which has stepped down and formed terraces. The contact between 
the terrace deposits and the underlying bedrock is erosional and can vary over short distances. 
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Figure 1. Geological profile along the Austin’s orange line underground segment. 


The proposed tunnel alignment will be excavated through the Eagle Ford formation in sev- 
eral locations. Underlying the Eagle Ford formation typically and generally is the Buda for- 
mation. The Buda limestone is tan to orange-brown, hard, and resistant near its upper part 
and more nodular and marlier near its lower part. The limestone of this formation typically is 
35 to 40 feet thick near downtown Austin. The thickness of this formation at the river crossing 
is about 10 feet and only a few feet away from the river mud level. The Del Rio formation 
underlies the Buda limestone, and it is formed by dark gray to olive-brown clay and clayey 
shale. Bedrock of this unit generally is significantly weaker than the Buda formation and is 
known to be susceptible to shrink and swell movement, resulting from changes in moisture 
content within the soil matrix. 


3 SPACEPROOFING 


The selected bored tunnel configuration for Orange Line project is a single tube tunnel with 
an inner diameter of 9.4 m. The inner diameter of the tunnel’s precast segmental rings is gov- 
erned by the Vehicle Dynamic Envelope (VDE) on a curve, the track structure, duct banks 
and electrical conduits, walkway platforms, the distance between the centers of tracks, over- 
head catenary envelope, and the fire life safety cabinets and equipment. The tunnel was 
designed without a center wall. Figure 2 shows the interior section of the tunnel. 
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A single tube tunnel has many advantages over a twin tube tunnel. A single tube offers 
a narrower right-of-way, which makes it easy to tunnel under city streets, negotiate tighter 
curves and in turn reduces the width of the subway stations. In terms of geotechnical advan- 
tages, a single tube tunnel will reduce the width of the settlement trough, making it less impact- 
ful on adjacent structures. No cross-passages are necessary in the case of a single tube tunnel; 
however, since this tunnel does not have a center wall, egress shafts will be installed between 
stations where necessary according to NFPA 130 requirements (every 762m maximum). 

Other advantages for a single tube tunnel include easier installation of special trackwork as 
well as reduced impacts on utility relocation in the stations. Using a single tube will also help 
reduce the cost and manhours of installing some equipment, such as radio systems, twice. 
Overall, since the single tube option results in a shorter construction duration, narrower sta- 
tions, and does not require cross-passages, it is a cheaper option than the twin tube option. 

In general, side station platforms are used with a single tube tunnel whereas twin tubes are 
used with center platforms. Side platforms allow for a bigger capacity for passengers and for 
evacuation as well as an easier flow in the station. Side platforms may result in an increased 
number of stairs and equipment compared to center platforms. Considering all the factors men- 
tioned above, a single tube tunnel was selected and considered more suitable for this project. 


4 PRECAST SEGMENT LINING 


The TBM tunnel will be lined with a watertight circular one-pass lining system with precast 
concrete segmental rings. Each ring has a width of 1.8m, determined by the minimum curve 
radius, and a thickness of 350 mm, which meets the structural demands for all load governing 
load cases. As shown in Figure 3, each ring is made of seven (7) ordinary segments and one 
small key segment. It is referred to as a 7+1 ring. 
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Figure 3. Geometry and configuration of the pre- 
Figure 2. Typical section of bored tunnel. cast segmental ring. 


The reverse key segment on each ring has an arc angle (48 degrees) and a curved length that 
are designed as slightly smaller than other ordinary segments. Consequently, the key segment 
will have an arc angle (18 degrees) and a curved length that are slightly larger than one-third 
(1/3rd) of the ordinary segments. To create staggered longitudinal joints, the angles between 
ordinary segment joints and tunnel axis is considered as 8°. The ring taper is calculated based 
on the smallest curve radius along the alignment, the length of the ring, and the outer diameter 
of the tunnel. Total ring taper is 76 mm or +38 mm at the centerline of the key and reverse- 
key segments. 

The optimization of the ring geometry will prevent the formation of crucifix joints, despite 
all relative rotations of the ring during TBM tangent drives and drives negotiating the curves 
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(Figure 4). This reduces the risk of groundwater infiltration. It also means that all the ring 
rotations are available during the TBM operation, which is essential to minimize the deviation 
of tunnel from the theoretical axis of the tunnel. Since the ring system proposed for the bored 
tunnel is a universal ring system where the key segment can be located anywhere on the ring 
of the tunnel, it allows the ring to be turned in any direction or any combination of directions 
(Figure 5). 

The factors above mean that only one type of formwork set is required, which significantly 
reduces the cost and simplifies segment production. Ordinary segments are in the shape of 
a parallelogram. The key segment and the reverse key segment in the shape of a trapezoid. 
(Figure 4). This rhomboidal segment system is the most advanced system when compared 
with other (i.e., hexagonal, rectangular, and trapezoidal systems) systems because it prevents 
crucifix joints, has a higher sealing performance, features a continuous ring build from 
bottom to top, and is compatible with a dowel connection system. 
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Figure 5. TBM negotiation of tunnel alignment in a tangent drive. 


Longitudinal and circumferential joints are designed as completely flat joints, as shown in 
Figure 6. This facilitates the load transfer between the segments and between the rings and 
increase the watertightness of the joints. In addition to that, tapered longitudinal joints pre- 
vent early gasket friction during segment insertion in the ring assembly phase, which facilitates 
the use of fast connecting dowels in circumferential joints. This makes the tapered joints pre- 
ferred over rectangular joints. 

Two adjacent segments are connected using bolt connections and two adjacent rings 
along the tunnel are connected using dowels in circumferential joints. The designed 
dowel connection system is SOF-FAST for circumferential joints (Figure 7). These 
dowels reduce the construction work required for the segment formwork and the man- 
power used in the tunnel during the installation, since the insertion is automatically per- 
formed by the TBM erector. They also help reduce the construction tolerances and 
offsets between segments of adjacent rings and limits ring roll and segment stepping- 
these factors combined improve gasket performance and reduce the possibility of crack- 
ing caused by any joint misalignment. 
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Figure 6. Detail of segment joint. Figure 7. Dowels for circumferential joint. 


The type of gasket for sealing joints selected for this tunnel is an anchored gasket 
(Figure 6), which offers a much higher pull-out resistance, compared to a conventional 
glued gasket system. The gasket was designed to resist the maximum groundwater pressure 
present along the entire alignment, by accounting for the relaxation factor for tunnel service 
life (100 years) and any potential gaps and offsets between segment gaskets due to construc- 
tion tolerances. At the specified gap and offset for this gasket profile of 5 mm and 10 mm 
respectively, the water pressure resistance of the designed gasket profile is 10 bar, which pro- 
vides a safety factor of around 1.8 at the location of maximum groundwater pressure in the 
alignment. 

The Precast concrete segmental liner was designed for the most common permanent and 
temporary load cases provided in the codes cited below. These cases occur during the seg- 
ment production and transient stages, construction stages, and operation phases. The pro- 
duction and transient stage segment loads consist of the anticipated loads and schemes of 
stripping (demolding), storage (stacking), transportation and handling. For example, 
Figure 8 shows the configuration segment storage pile in the precast plant. Results of these 
analyses provided required ultimate and service bending moments, axial forces, and shear 
forces for the design of segments. The latest ACI codes (ACI 533.5R-20 and ACI 544.7R- 
16) and the ITA guideline (ITA Report no. 22, 2019) were used as the bases for the struc- 
tural design of the tunnel. These codes recommend the load and resistance factor design 
(LRFD) design method. The required factored load combinations and strength reduction 
factors were applied. 
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Figure 8. Segment storage (Staking) in the precast plant. 
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During construction stages, segments are subjected to governing loads from tail-skin 
grouting, and secondary grouting. Tail-skin and secondary grouting load cases were ana- 
lyzed by finite element analysis performed on one segmental ring loaded under the governing 
grout pressure gradient anticipated in the alignment. This type of analyses calculates the 
structural demand on the liner for these load cases, including the axial and shear forces and 
bending moments. Segments are also subjected to TBM thrust forces. A TBM thrust pad 
size with transverse arc length of 685 mm and radial contact height of 200 mm was designed. 
This size is optimized to provide a minimum 120mm clearance with segment joint faces. 
A three-dimensional advanced, non-linear finite element analysis was performed to obtain 
the TBM thrust jack forces. Such a method is appropriate because it can consider a non- 
linear material model for fiber-reinforced concrete as well as accurately capture the complex 
geometry of the segments and the TBM thrust pads. This type of analyses simulates the max- 
imum crack width under service load and exceptional TBM thrust forces. Governing load 
cases during the final operational stage include earth pressure and groundwater load, and 
the longitudinal joint bursting. Two-dimensional finite element analyses were conducted for 
both load cases. 

The concrete precast tunnel segments are reinforced with fiber. Fiber-reinforced con- 
crete (FRC) segments are superior for crack control and more cost effective overall and 
are therefore the preferred solution for this project. An optimized concrete mixture was 
designed for production of segments to achieve a high early-age strength for stripping 
(demolding) and a high-performance concrete for long-term durability. Minimum com- 
pressive strength of the concrete at 28-day and at the time of stripping (demolding) was 
designed as 50 MPa and 15 MPa, respectively, to be able to withstand the anticipated 
loads for each of the governing load cases and to ensure the durability of the tunnel for 
its intended service life. 

The characteristics and minimum requirements for the fibers are as follows: 


* Cold-drawn wire ASTM A820 type I steel fiber, with the highest steel strength among com- 
mercially available fibers (2,200 MPa) (Figure 9) 

e A double hooked-end shape, a minimum length of 60 mm, a maximum diameter of 
0.75 mm, and a minimum fiber aspect ratio (length/diameter) of 80 

* A fiber content for segment reinforcement of 40 kg/m3. 

* Residual flexural strengths of 4.6 MPa at 28 days and 2.7 MPa at the time of formwork 
stripping were based on the required structural demand. 


Figure 9. Double hooked segment reinforcement steel fiber. 


This designed steel fiber satisfies the serviceability requirements by limiting time-dependent 
effects of creep on crack opening. Ductility requirements are guaranteed in conventional fiber 
dosages of less than 40 kg/m3, by providing an ultimate bending moment higher than the 
cracking bending moment. 
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5 APPROACH STRUCTURES 


The North and South approach structures connect the underground segment with the at grade 
segments along the alignment. As shown in Figure 10, the approach structure consists of an 
open-cut structure followed by a cut-and-cover tunnel. 
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Figure 10. Typical approach structure. 


The temporary support is provided by soldier pile and timber lagging system. The soldier 
piles are steel wide flange beams extending from the grade level to the underlying rock with an 
embedment of 1 m into the competent rock. The walls are supported by tie-back ground 
anchors to be installed at a 45 degree angle to optimize the overall length and the functionality 
of the anchor. The anchors are spaced at 2.4m and provide additional support to the SOE 
wall. Walers are connected at the back of the soldier piles for the tie-back anchor installation. 
The headwall is constructed with secant piles with glass fiber reinforcement and tie backs and 
serve as the TBM softeye. The permanent structure is then constructed using conventional 
cast-in-place reinforced concrete. 


6 UNDERGROUND STATIONS 


Four underground stations (South Congress, Auditorium Shores, Republic Square and Gov- 
ernment Center) are planned in the downtown underground segment. The first, South Con- 
gress station would be located in the heart of the South Congress business district south of the 
river. The second, Auditorium Shores, would be located south of the Colorado River along 
West Riverside Drive between Barton Springs Road and South Congress Avenue. The third, 
Republic Square, would be located north of the river under Guadalupe Street between 5th 
and 6th Streets; and the fourth, Government Center, would also be located under Guadalupe 
Street at 12th Street. 

The majority of the underground section is located in a very busy area of the city, therefore 
it is recommended to avoid cut and cover structures as much as possible. Cut-and-cover con- 
structions hinders the development of the city by blocking key streets and intersections, 
increasing traffic, blocking access to various businesses in the downtown area of the city. 
Excavating the stations using SEM method will minimize the disruptions in the middle of city 
in terms of traffic, construction work and noise levels. 


6.1 Typical SEM station 


One of the excavation methods that was considered for some of the stations was the sequential 
excavation method (SEM). Excavating the station as a cavern would significantly reduce the 
construction duration considering cell construction (phased) for cut and cover stations. It also 
reduces utility work (relocation & support), traffic impact during construction (3-4 years), 
construction noise, dust, etc., and business impact in the vicinity of station construction. The 
cavern for a station like Government Center station has a span of 21.5m and a height of 
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14.5m. It has side platforms as discussed in previous sections and a mezzanine level. Gener- 
ally, the competent rock cover required above the crown of the cavern is 1/3 of the span of the 
cavern. In this case, 7.5 of competent rock cover is required. The initial support system con- 
sists of 4.5m long mechanical bolts and 100mm of temporary shotcrete. The final support con- 
sists of 450mm reinforced concrete liner. The cavern has a 6.5m of competent rock cover 
above the crown, which corresponds to the typically used ratio of rock cover to cavern span in 
similar applications. Figure 11 shows the Government Center station cavern. 


Figure 11. Typical section of SEM station. Figure 12. Typical cut-and-cover station structure. 


6.2 Typical cut-and-cover station 


The stations are either two or three level cut-and-cover structures. The excavation of the sta- 
tions is primarily to be done using temporary soldier piles and lagging in the overburden and 
temporary rock support using shotcrete and rock dowels. The station boxes are then con- 
structed using cast-in-place reinforced concrete with concrete floor slabs and long span con- 
crete beams spanning across the two platforms to accentuate the architectural requirements 
for large open areas within the main public areas. 

At auditorium shores station, permanent slurry wall construction will be adopted 
(Figure 12). The slurry walls in such a construction provides excavation support during the 
construction phase and then serve as the permanent liner supporting the station structure 
gravity and other service loads. Such a construction provides an advantage in the fact that it 
reduces the overall construction cost and improves the overall efficiency of the design. 


6.3 Typical station ventilation 


The Tunnel Ventilation System (TVS) in the underground Station consists of total 4 horizon- 
tal reversable fans at the north and south fan plants of the station. The capacity of each fan is 
254,000 ft?/min. One of the fans is used as a back-up to comply with NFPA 130 standards. 
A CFD analysis of train car fire events was performed to analyze the tenability condition for 
evacuation of the patrons through the egress routes based on all-exhaust ventilation mode and 
to ensure that the design is compliant with NFPA 130 standards. The goal of the TVS in case 
of a fire emergency is to provide a tenable egress path from the platform through a protected 
route. A tenable environment in terms of visibility, temperature, air carbon monoxide content 
and air velocity. 

Based on all-exhaust ventilation mode, train car fire scenario was analyzed during a front 
and middle car fire event. An example of the results is shown in Figure 12. Based on the CFD 
analyses, the tenability of the platform and concourse levels with the all-exhaust emergency 
ventilation system is maintained during the first 4 and 6 minutes of evacuation time, respect- 
ively. The Available safe egress time (ASET) at different levels based on proposed ventilation 
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Figure 13. Example of results for CFD analysis for the All-Exhaust front car fire scenario. 


mode was calculated. The shortest ASET is calculated for the incident platform level (6.4 min) 
at middle car fire scenario. Overall, by the application of proposed all-exhaust emergency ven- 
tilation system, the code compliant results are achieved for all investigated scenarios including 
front car fire, middle car fire, and one fan out scenarios. 


7 CONCLUSION 


This project represents a vital addition to the public transportation system in the city of 
Austin. It is in a very busy area of downtown Austin, and it is therefore very important to 
minimize the impact of excavations and construction on the city. A single bore tunnel system 
without center-wall was chosen to reduce the width of the tunnel and the underground struc- 
tures and to stay within the right of way. This significantly reduces the costs of the project 
from a twin bore. The size of the tunnel was optimized using several factors, and the liner 
system will be a precast segmental ring liner, with an optimized geometry designed for all gov- 
erning load cases. It is also designed to minimize deviation from the theoretical tunnel axis, 
minimize ground infiltration and increase the efficiency of the segment production and the 
tunneling works. Majority of the stations will be excavated using the sequential excavated 
method to avoid impacting any streets and intersections during construction. The stations are 
two-level stations with side platforms. 

Austin is one of the fastest growing cities in North America and is increasingly growing as 
a significant hub of research, academics, economic and cultural activities. The proposed 
Orange Line Light Rail corridor greatly improves the transit capacity serving the city’s down- 
town area and provides opportunity for sustainable support for Austin’s population and eco- 
nomic growth. 
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Tunnel linings made of precast concrete segmental rings - from 
design choice to installation and performance 


D. Marini & G. Venditti 
BBT SE, Bolzano, Italy 


ABSTRACT: The life cycle of a precast concrete segmental ‘ring’ must be based on a series 
of considerations: first of all, the logistics involved in moving the segments to the final instal- 
lation point while complying with safety requirements relevant to all steps of the lining pro- 
cess. Once installed and during operations, regular maintenance should be carried out with 
the aim of guaranteeing ring performance over the entire life of the infrastructure. The mech- 
anized excavation of more than 45 km of the Brenner Base Tunnel, with overburdens up to 
1,700 m, has provided significant experience of the particular characteristics of employing seg- 
mental ring linings. 


1 INTRODUCTION 


Major infrastructure projects such as the Alpine base tunnels are an important basis for the pol- 
itical, economic and social development prospects of the countries in which they are located, 
not to mention technological and environmental prospects. They must be designed and built to 
last for centuries, possessing exceptionally high durability. Longevity is a characteristic of great 
works of engineering excellence, as exemplified by the history of the great Alpine railway tunnels 
built between the 19th and early 20th centuries that are still operational more than 100 years 
after they were opened. Two examples: the Fréjus railway tunnel, between Italy and France, 
which came into operation in 1871; and the Simplon railway tunnel, between Italy and Switzer- 
land, which was opened in 1905. 

Railway tunnels such as these have significantly benefitted the development of the trade net- 
work between southern and northern Europe over time, effectively bringing peoples and cities 
closer together. They still represent strategic axes in the European infrastructure framework 
that aims to consolidate, implement and make this economic system increasingly efficient and 
resilient (Zurlo et al., 2019). 

Acknowledging durability is an inherent feature of these first major infrastructural works - 
de facto pioneers in their field - it can be recognize that in recent years we have witnessed 
a considerable evolution of the techniques and construction materials used to build infrastruc- 
ture works. We have also seen a growing awareness — in terms of design and execution — of the 
fact that durable transport infrastructure projects (that is, those that last beyond the gener- 
ation that built them) bring considerable added value to all communities, not least regarding 
environmental sustainability. With this in mind, we would like to focus here on the choice of 
tunnel lining, which, even in the case of deep tunnels, represents one of the planning options 
that can have an impact on the durability of work. Over the past decades, in particular, the 
use of tunnel boring machines (TBMs) in the excavation of very long tunnels has increasingly 
proven to be an effective construction technique, not only in terms of quality and quantity, 
but also the considerable process automation that distinguishes this excavation method. We 
will deal, in particular, with excavation employing shielded TBMs — a technique involving the 
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installation of prefabricated lining rings — and the many choices that, in this specific field as in 
others, will determine quality and durability of the completed infrastructure work. 


2 PREFABRICATED LINING RINGS FOR DEEP TUNNELS 


The use of prefabricated rings, for deep tunnels as well as those located at shallow depths, is prov- 
ing to be an increasingly common construction method. The Brenner Base Tunnel (BBT) pro- 
ject, for example, envisages the use of prefabricated tunnel lining rings for its final lining, for 
large stretches of its route. In this case study, which refers to the Italian stretch of the tunnel, 
where overburden up to 1,700 m deep exists, we aim to highlight the evolution from planning 
to implementation. 


3 DESIGN PRINCIPLES 


In ordinary conditions, tunnel linings are normally single-strength to satisfy all the resistance 
requirements for the ultimate limit state and for operations. For safety reasons and in order to 
guarantee performance requirements in case the lining ring is damaged, for the BBT project, 
an excavation cross-section was chosen that allows the installation of a further internal lining. 

A particular feature of the BBT as a case study is the 200-year service life of the structure 
which was considered when sizing the underground works, a longer life cycle than is normally 
set for strategic works. These requirements comply with Italian, Austrian and European legal 
and technical norms (UNI ONORM EN 1992:2005 EC2, Norme Tecniche delle Costruzioni 
2008, Servizio Tecnico Centrale del Consiglio Superiore dei Lavori Pubblici: Linee Guida sul 
calcestruzzo, ONORM EN 1092-1-1:2011, Direttiva austriaca OVBB “Sistemi di conci in cal- 
cestruz-zo: 2009, ecc.), and were part of the Guide Design Planning (Insam et al., 2019) which 
was the basis of BBT executive planning and design both in Italy and in Austria. 

In deep tunnels, it is necessary that the type of lining chosen can bear not only the load 
from the rock mass but also include an adequate drainage system around the cavity; as the 
hydrostatic pressure of the water would be too high to be counterbalanced by the installation 
of an annular lining with prefabricated lining rings alone. In particular cases, for example 
along stretches subject to environmental regulations that place constraints on water drainage, 
it is also necessary to take preventive action on the surrounding rock mass to achieve a degree 
of sealing that prevents, or at least limits, the depletion of surface water basins. An adequate 
level of drainage can, however, also be achieved using a segmental lining alone, provided that 
the intermediate space between the segmental lining and the rock mass is filled with pea- 
gravel. Figure 1 shows the typical cross-section of the BBT stretches excavated with a TBM. 

On the subject of mechanized excavation, as part of the BBT case study (Insam et al., 2019), 
guidelines for modelling and defining calculation principles as well as ad hoc technical specifi- 
cations for the segmental lining were also developed. While drafting the executive planning, 
these documents made it possible to clearly identify the project requirements requested by the 
contracting authority and led the executive planner to choose, for the main tunnel lining, 
a universal-type ring composed of 6 ordinary segments plus a keystone. Seen lengthwise, the 
lining rings are approximately 1.75 m long and 45 cm thick. The use of a universal ring creates 
a monolithic element, thus reducing the risk of openings between the joints and guaranteeing 
better sealing against water infiltration, with a consequent increase in overall performance. 

To increase the precision of the lining installation, PVC guide bars were installed between 
rings, with a diameter of 50 mm and a length of approximately 600 mm. The rings feature 
double sealing, both on the inside and on the outside of the lining ring. The longitudinal con- 
nection and the alignment between the rings are ensured by means of longitudinal connectors. 
The connection systems are equally spaced along the circumference and positioned in the 
middle of the thickness of the lining rings. Finally, all lining rings, except for the keystones in 
the main tunnels, are fitted with sealed holes for injections into the cavity between the lining 
and the ground. 
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Figure 1. Typical cross section with prefabricated lining rings. 


In general, the installation of a lining with prefabricating lining rings was envisaged both in 
single-lining sections of the main tunnels excavated by TBM (stable mass conditions and low 
chemical aggression of the water) and in those sections where an additional inner lining, built 
with reinforced concrete poured on-site, has been put in place. With regard to the main tunnels, 
the characteristics of the concrete can change, depending on whether the lining ring is a base slab 
lining ring or part of the ring system. In particular: for the base slab lining rings concrete of class 
C30/37, exposure class XC3/XA1, maximum aggregate size 22 mm and slump S4 is employed; 
for the lining rings which are part of the ring system, concrete class C50/60, exposure class XC4/ 
XA2, maximum aggregate size 22 mm and slump S4 is used. The reinforcing steel used — type 
B450C — has an average ratio of 130kg/m?. 

In single-lining sections, GRP “edge protectors” are positioned to reinforce the corners of the 
lining rings, these being notoriously the weakest part of the structure as they are subject to impact 
while moving and laying. This can cause cracks that, in the long term, can result in critical points 
and discontinuities. 

Along the sections excavated by TBM, performance and geometric requirements have 
shown the advisability of using a so-called double lining, consisting of lining rings and a final 
concrete lining, poured on-site. A double lining is appropriate in fault zones, in areas where 
groundwater is particularly aggressive, in sections requiring side openings (such as cross pas- 
sages) or specific fire resistance requirements (section along the Trens emergency stop). 

In order to waterproof the longitudinal joints and the areas between the individual rings of 
the lining, seals with elastomeric profiles were installed, both on the inside and on the outside 
of the lining ring. 


4 SIZING CRITERIA 


4.1 Introduction 


The stretch of the BBT which is part of the study features various geological and geomechani- 
cal structures and conditions which can be summarised as follows: Central Gneiss orthogneiss, 
folded and shaled units in the Lower and Upper Schieferhiille (chalk and anhydrite), Vizze 
Fault schist (Upper Schieferhiille), Zillertal antiform, schists with local presence of exotic rock 
and finally, Austroalpine crystalline and the Castel Pietra - Mules fault zone. Overburden 
varies from a minimum of 600m to a maximum of 1,720m. 
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4.2 Lining ring sizing criteria 


In order to size the lining rings, the hyperstatic reaction method is used (BBM Bedded Beam 
Model) with finite element models. The reinforced concrete lining ring is modelled with truss- 
like elements and the structural rigidity of these elements is calculated relative to EA and EI 
on the reference axis. The behaviour of the concrete is assumed to be elastic and linear with 
characteristics taken from EN1992-1-1, based on the resistance classes applied. 

The underground works involve a significant volume of geotechnical material and a high 
capacity to compensate for heterogeneous conditions. To determine the characteristic param- 
eters of the rock mass, the following procedure was used: 


e identification of characteristic values for intact rock mass (Sci, Ej, mj) using a prudential 
estimate of the median value: 
y, 
Pk = Pm X (1 - 2) 


where px € Pm are, respectively, the characteristic and the median values for the generic param- 
eter p, whereas V, is the ratio between the standard deviation and the average of the param- 
eter itself; 


e the reference value of the RMR index (lowest class value) was defined; 
e identification of the GSI value; 
e calculation of characteristic rock mass parameters using Hoek & Brown. 


The calculation of the rock mass load and the load shift from the lining depends on the 
behaviour of the rock mass: 


e with squeezing rock, loads are calculated using numeric modelling of the interaction between 
rock mass and lining; 
e with highly fractured rock, loads are calculated using block analysis. 


The stresses on the final lining were calculated using finite element models with the hyper- 
static reaction method. The ground-structure interaction is simulated using link elements 
placed at the nodes in the model which, if subjected to compression, can transmit to the struc- 
ture a reaction equal to the ground-structure contact pressure (Marini et al., 2019). 


4.3 Static sizing for the construction and moving phases 


Planning verifications were also necessary for the extraction of the lining rings from the 
mould, as well as for the storage, handling and lifting of the lining rings themselves. 
The following tests were carried out for the temporary phases: 


e storage; 

° lining ring transport; 

e raising the lining ring with the lift; 

e installation with the erector and in case of erector malfunction; 
e installation of the keystone ring; 

e resistance of the elastomeric gaskets. 


4.4 Joints between rings and longitudinal joints 


It is evident that a lining made up of rings has an overall stiffness that differs both from that 
of a monolithic ring and from that of a ring composed of curved elements with joint elements 
always placed in the same position. 

The load-bearing capacity of a precast concrete tunnel lining is characterized by coupling 
effects both in the ring joints between individual rings and in the longitudinal joints between 
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two tubbing rings (Figure 2). These static contributions are only fully effective when all the 
rings are in place. 


Figure 2. Stress diagram for a prefab tubbing ring lining. 


The radial and circumference joints are sized based on the following criteria: 


e Radial capacity of the joint: in a radial assessment this involves the load-bearing capacity, 
the cracking and the risk of breakage at the corners of the segments. The additional actions 
caused by eccentricity are taken into consideration by rotating the joint. 

e For the joint’s capacity to resist cracking, the safety factor is calculated as a ratio between 
the design resistance and the maximum radial force. 

e The risk of chipping at the corners at the joints is considered to be the safety factor between 
the shear force and the maximum radial force. 

e Perimetric capacity of the joint: this consists in a longitudinal assessment of the load- 
bearing capacity, of cracking and the risk of chipping at the corners of the lining rings. 


4.5 Load analysis 


The static analysis of final linings made of precast concrete segmental rings takes into consid- 
eration about 30 different load conditions, divided into permanent, variable and exceptional 
actions and seismic action. The main load conditions are: 


* weight of the lining ring lining; 

* technology installed on the final lining (for example, the overhead rail or catenary); 
e railway superstructure; 

e filling of the space between ring and rock; 

e hydraulic pressure; 

e rock mass load; 

* concrete viscosity and slump; 

* swelling; 

e temperature; 

* seismic events; 

* aerodynamic pressure due to train passage; 
* impact; 

* fire and explosion. 


5 PRODUCTION AND TRANSPORT 


In order to better manage mechanized excavation activities within the Italian stretch of the tunnel, 
a new plant for the production of lining rings was set up next to the building site (Figure 3). 
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Figure 3. Lining ring factory on the Hinterrigger construction site. 


The lining rings, consisting of C50/60 concrete with high performance characteristics and 
factory-assembled reinforcement cages, are cast into special forms. Approximately half an hour 
after casting, the upper part of the formwork is removed and the outer wall of the lining ring is 
smoothed. The formwork is then closed again and covered with special sheets in order to keep 
humidity and temperature constant. Thermal probes are positioned underneath the forms, 
which produce water vapour and allow for the regulation of heat, ensuring a controlled man- 
agement of the initial curing cycle. Once the formwork has been removed, the rings remain in 
the plant for approximately 2 days after casting. This allows for gradual cooling before trans- 
portation by gantry crane to the outside area and storage in stacks consisting of a complete 
ring (6 ordinary lining rings and one keystone). 

Small “decauville” trains then transport the lining rings directly from the storage area to the 
various excavation fronts. In addition to improving both execution efficiency and environmen- 
tal sustainability standards, this logistical choice was influenced by the need to limit the hand- 
ling of the lining rings to reduce the risk of damage during transport. 


6 INSTALLATION 


The lining rings are transported to the unloading station in the back-up area of the TBM, from 
where each ring is brought to the erector by means of a special crane handling system (Figure 4). 

Using “vacuum suction plates”, the erector picks up the lining rings and places them along 
the cavity in the intended position. This activity requires a great deal of experience on the part 
of the operator, as moving these lining segments and placing them in their exact position is 
crucial for the integrity of the ring. 


7 LIFE CYCLE BIM 


The BIM (Building Information Modelling) methodology is literally revolutionizing the con- 
struction and engineering field with increasingly advanced planning tools; these capable of 
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Figure 4. Erector and crane for the transportation of lining rings; schematic representation of the TBM 
highlighting the section for the transportation of lining rings. 


providing ever more detailed models to support the entire life cycle of work up to its mainten- 
ance phase, thus making structures increasingly efficient and durable during operations. 

In order to fully achieve these objectives, the implementation of an accurate project infor- 
mation model is increasingly common even during the construction phase of a project. This is 
particularly true for strategic infrastructure works that will become crucial items in improving 
the European transport network. In this scenario, operators are faced with an unprecedented 
amount of data, so it becomes necessary to use tools that guarantee full cooperation between 
the parties involved in the entire process. 

This is where the development of Life Cycle BIM comes in, a methodology that also 
includes mechanized excavation with the laying of prefabricated lining rings. At the end of the 
process, the final model will contain useful data and information for those in charge of man- 
aging and maintaining the infrastructure. In this respect, data and information are to be trea- 
ted and regulated as virtual ‘assets’. 


8 DATA MANAGEMENT 


Data concerning the TBM activities, that is, both the physical and mechanical parameters 
recorded directly by the tunnel boring machine during construction, are filtered and validated, 
as well as inserted into the BIM model, whose main function is to provide an operational and 
practical tool during operations. Figure 5 shows an example of the information set (including 
tunnelling and positioning data) available for each segmental lining within the BBT informa- 
tion model. 

Much of this information is contained, along with many other data, in the so-called “Ring 
Reports” that are recorded for each lining ring and are available as a document directly linked 
to the Data Sharing Environment (Figure 6). These machine parameters, acquired approxi- 
mately every three seconds by the TBM, are an effective system to monitor the rock mass 
characteristics, since they are cross-referenced with data from detailed surveys in order to 
define behaviour based on geology. 
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Figure 5. BIM model of a mechanized excavation stretch with information set. 


With an eye to the operational phase of the infrastructure, one need only considers the 
important difference, for the near future, between having a virtual information model and 
only having planning documents, with consequent dispersion of information and gaps in com- 
munication. A digital twin would make it theoretically possible, in 50 years’ time, to trace 
back the geological and geotechnical history of the work during excavation and to know in 
detail the rock mass characteristics, as well as structural aspects of the lining made of precast 
concrete segmental rings. 

Consequently, to return to the topic of the lining rings, we can state that each piece of data 
has a fundamental importance within the Project Information Model, both during execution 
and for the future of the infrastructure; and this is the case whether it is construction site infor- 
mation or any non-conformities found during inspection activities. 


Figure 6. Excerpt from the ring report. 
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Specific models of the railway outfitting, as well as the related technical information, will 
complete the Project Information Model. And precisely in the mechanized excavated sections, 
these models will be integrated with those of the lining, providing a single functional tool in 
the operational phase, allowing for smoother and more traceable management of the mainten- 
ance activities of the railway infrastructure. 


9 CONCLUSIONS 


The Brenner Base Tunnel project envisages, in accordance with the planning requirements of 
the railway infrastructure, large sections of the railway tunnels to be lined with precast con- 
crete segmental rings, which also act as a ‘final lining’. Experience shows that using lining 
rings requires a great deal of attention in the planning phase (including construction details), 
as well as in logistical choices, with particular reference to storage, handling and installation. 
To facilitate the management of the countless data generated during mechanized excavation, 
while still allowing these to be consulted over time, it is useful to draw up an information 
model of the lining that is both well-structured and user-friendly. In this way, the history of 
the lining can be traced throughout the entire life cycle of the project. 
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ABSTRACT: The 2nd stage of West extension works for M2 metro line in Warsaw 
included the TBM excavation underneath an existing road viaduct which overpassed an 
operating railway line. Specific modelling works were carried out at executive design stage 
to verify the ground movements produced by the TBM excavation and hence the impact on 
such assets. Empirical methods and 2D PLAXIS and 3D MIDAS GTS NX numerical ana- 
lyses were executed and the acceptable results justified the removal of the soil improvements 
initially foreseen at feasibility stage. Particular effort was given to correctly model the TBM 
excavation sequence in order to achieve the target volume loss and 3D modelling allowed to 
capture viaduct differential movements in longitudinal and transverse direction during 
tunnelling. 

A set of monitoring instrumentation was installed on site including ground pins and level- 
ling pins for manual measurements and mini-prisms and tilt-meters for automatic readings. 
TBM excavation was completed by November 2020, no damage was induced and monitoring 
results showed a very good agreement with predicted results. The study of such case history 
provides a good insight into 2D and 3D modelling of TBM works with particular reference to 
ground movement and damage assessment. 


1 INTRODUCTION 


The construction of the 2°’ metro line in Warsaw (M2) started in 2010 and showed 
a very good progress which allowed the completion of more than 15 stations and tunnel- 
ling sections in less than 12 years. A Joint Venture between Astaldi, Gülermak and 
PBDiM was the general contractor for most of the works, while the last sections were 
executed by Gülermak only. 

The metro system included two twin tunnels running parallel and excavated by EPB 
TBMs. Within the tunnel section called D05, one of the two TBMs had to excavate below 
the abutments of a large road viaduct which overpasses an operating railway line. Concern 
was raised by the Administration about the potential impact of the excavation on the via- 
duct structure and on the railway operability; preliminary design included the use of grout- 
ing injections (through Horizontal Directional Drillings) to improve the soil mass and 
reduce the movements at surface. 

SGS have been responsible of the executive design of the M2 tunnelling works since 2016. 
Following the request of the main Contractor, SGS looked further into this in order to better 
predict the induced movements and potential damage on the structure and to verify the most 
suitable mitigation measure to be applied. 
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2 PROJECT DESCRIPTION 


2.1 Tunnelling works 


The works include 2 single-track tunnels excavated by Earth Pressure Balance TBM of 6.3m 
as external diameter. The lining is made up of 5+1 precast segments with an inner diameter of 
5.4m, width of 1.5m, thickness of 30cm and reinforced with traditional steel cage. 


2.2 Road viaduct 


The structure of the viaduct is made up of longitudinal steel beams that support the RC slab 
deck. The length of the bridge is approximately 20m and has a width of 30m. The bridge abut- 
ments, built at the edges of the road embankment of Górczewska street, have 8m height verti- 
cal walls with a “shelf” in the middle and are founded on 6m wide shallow footings. All the 
structural elements are made by reinforced concrete. The left TBM excavates underneath both 
abutments with a soil cover of approximately 8m, while the right TBM at about 8m distance. 
Figures 1 and 2 show the viaduct and its position comparing to TBM alignment. 


Figure 1. Extract from viaduct original drawing (left); photo from site visit in 2018 (right). 


ROAD VIADUCT = 


LEFT TUNNEL 
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BEERUREBUDHY.A 


Figure 2. Site plan view. 
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2.3 Geotechnical context 


At viaduct area the excavation of tunnels involve dense fine and medium sands (unit Ic, Ib) 
and cohesive layer of silty sands (Unit Vb). The foundation of viaduct is directly based on fine 
sands (unit IIb) while artificial compacted fill is placed at the back of the abutments. The 
groundwater level in the area is approximately 3m below ground level. 

Geotechnical parameters derived from in-situ and lab tests are given in the table below. In 
particular, the stiffness has been determined by correlation of SPT values through D’Appolo- 
nia et al. (1970) for granular materials and by correlation of CPT values with Kulhawy and 
Mayne (1990) for more cohesive soils. Note that Hardening Soil Model has been used for 
modelling all natural soils in PLAXIS analyses and an equivalent model called “Modified 
Mohr-Coulomb” has been used in MIDAS GTS NX. 


Table 1. Geotechnical parameters. 


Y e p Eso Eoea Eur m Pret Ko 

kNim? kPa deg MPa MPa MPa - kPa - 
Fine/silty sand (IIb) 19 1 32 30 30 90 0.70 60 0.47 
Sandy/clayey silt (Vb) 21 5 27 25 25 iS 0.75 150 0.58 
Medium sands (IIc, IIIb) 21 0 35 60 60 180 0.55 300 0.56 
Artificial fill (VHI) 18 5 30 40 - - - - - 


ROAD VIADUCT 


Figure 3. Geotechnical section at viaduct location. 


3 ANALYSIS DESCRIPTION 


3.1 General strategy 


The aim of the analyses here described was to predict the movements of the viaduct and rail- 
way line due to the passage of both TBMs and assess the potential level of induced damage, in 
order to decide whether mitigation measures were actually necessary. Therefore, the analyses 
described in this paper were not carried out for the tunnel lining structural design, for which 
different studies were executed. 
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As usual in this kind of design works, the key parameter for the ground movement estimation 
is the Volume Loss (“VL”) which corresponds to the ratio between the volume of the settlement 
trough and the theoretical volume of excavation per unit length. The VL results from a variety 
of effects which include movement of ground into the face of the tunnel and radial movement 
towards the tunnel axis due to reductions in supporting pressure, and its magnitude is very much 
dependent on the type of ground, groundwater conditions, tunnelling method, length of time in 
providing positive support and the quality of supervision and control. 

For this specific TBM tunnel excavation, a volume loss of 0.6% has been adopted since it is 
a conservative value according to the back-analysis of previous M2 tunnelling works in similar 
ground conditions and as well it complies with Building Permit Design requirements. 

The strategy has been therefore to “fix” the VL=0.6% and adjust the FEM analysis parameters 
so that the calculated integral value of the settlement through would match it. This has been done 
with different approaches to better study the case, as explained and described in the next sections. 

More details on the analysis model, movement results and discussion have been presented 
in the next sections. Finally, the potential impact on the viaduct has been evaluated following 
the estimated differential movements. 


3.2 Empirical method 


This method from Peck (1969) and Schmidt (1969) is the most common to evaluate the settle- 
ments in green-field conditions. Results depend on tunnel diameter, tunnel cover, soil type as 
well as VL; settlements due to the excavation of both tunnels can be determined through 
linear effect combination. 


3.3 2D FEM analysis 


The analysis has been carried out with PLAXIS 2D. A cross-section representing the bridge 
abutment and both tunnels has been set in a plane-strain model in PLAXIS 2D. The tunnel 
has been modelled through linear plates and a specific relaxation factor (setting Mstage <1) has 
been determined to achieve a volume loss of 0.6% in green field conditions calculated as the 
integral of the settlement at ground surface. 


Figure 4. PLAXIS 2D analysis section. 


3.4 3D FEM analysis 


The 3D analyses have bene performed using Midas GTS NX software and carried out in two 
separate phases: calibration and full model. 
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In the first phase, a “green field” model has been used to calibrate the excavation pressure 
applied by the TBM-EPB in order to achieve the design VL of 0.6% (calculated on the settlements 
at ground surface). The TBM face pressure was modelled by specific distributed loads applied on 
the surface of the elements composing the tunnel excavation face. At the same time, the TBM 
shield was modelled as shell elements with elastic properties modified in order to get the correct 
evolution of the settlements against the TBM advance. Hence, the advance of the TBM has been 
simulated by de-activating the soil cluster of a ring and activating the face pressure in order to 
obtain a realistic evolution of the settlements (according to what was measured during tunnelling in 
other sections of M2 Warsaw metro). It has been found useful to leave a “gap” (empty cluster with- 
out TBM shell) as first TBM advancement to achieve a most suitable matching. Worth to remark 
that with this procedure such simulation has the aim of obtaining realistic settlements (magnitude 
and evolution according to the given VL) and not to determine structural actions on the lining. The 
excavation volume was set dry while the surrounding phreatic conditions were not changed. 

The second phase represents a 3D full model including the embankments, viaduct abutments 
and deck and the tunnel pressures determined in the calibration phase have been applied (see 
Figure 5). Both tunnels have been excavated through a very fine and onerous construction 
stage which simulates every TBM advance. In this way it was possible to calculate ground and 
viaduct settlements and horizontal movements following the first and second TBM passage. 


Figure 5. 3D model extracts: Global view (left) and tunnel lining mesh (right). 


4 MONITORING INSTRUMENTATION 


A set of both manual and automatic monitoring instrumentation has been installed in 
order to verify viaduct movements and deformation during the passage of TBM and with 
time. In particular, as shown in the figure below, this includes: ground pins (TLP), levelling 
pins (LP), mini-prisms (PRI) and clinometers (CLI) spread between abutments, deck, rail- 
way lines and ground. 

Also, a series of ground pins were placed at ground level in several sections before and after 
the viaduct location. 


5 ANALYSIS RESULTS AND MONITORING DATA 


5.1 Ground settlement 


TBMs excavated at viaduct area between October and November 2020. Ground settlements have 
been measured also in advance of the viaduct location in order to verify the typical volume loss 
in such type of soil conditions and TBM advance parameters. A volume loss between approx. 
0.4% and 0.7% has been determined which was in line with design assumptions. In Figure 7 
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Figure 6. Plan view with monitoring instrumentation. 


settlements measured in a monitoring section located at the beginning of the road embankment 
have been plotted together with green field predictions from modelling works. We can see how 
all predictions have a general good fitting; comparing to the linear super-imposition effect 
adopted in the empirical method, we can see as FEM analysis produces smoother effect combin- 
ation of the settlement through. With regards to ground movements at railway location, ground 
pins showed a max settlement 6mm comparing to predictions of 8mm in the 3D model. 


TBM settlements- comparison | 


Distance from centerline of tunnels [m] 


350 =e 2 E -10. d I j , i 0 WSS | 


Settlements [mm] 


— Peck (K=0,35) 
— Peck (K=0.45) 
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~—30 FEM analysis 
® Monitoring data 
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Figure 7. Settlement predictions and measurements at a monitoring section in advance of the viaduct 
location. 


5.2 Viaduct movements 


The movements of the viaducts can be predicted only by the FEM models. In particular, the 
Plaxis 2D can only predict transversal displacements with some likely over-estimation 
related to the plain-strain assumption of the model. On the other hand, the 3D model is able 
to investigate horizontal and vertical movements in both transversal and longitudinal direc- 
tions with particular focus to differential settlements. Figure 8, for instance, shows the devel- 
opment of the settlements of the abutment edges along with TBM advancements and hence, 
closely related to time progress. 
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Results are summarized in Table 2 and plotted in Figure 9. It can be seen that relative rota- 
tion is almost null and hence well below typical limits for damage assessment (see for example 
1/500 according to Eurocode 7 Annex H or Burland J.B., 1997). Induced total rotation is also 


very small, i.e. between 1/3000 and 1/2000, not affecting viaduct functionality. 
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Figure 8. Development of viaduct settlement vs. excavation advance. 


Table 2. Monitoring results vs. predictions for general displacements. 


2D model predictions 3D model predictions 


Monitoring data 


Max settlement 16.0mm 10.5mm 
Max differential settlement 16.0mm 12.5mm 
Max horizontal displacement 6.0mm 7.5mm 
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Figure 9. Monitoring results vs. predictions for settlements. 
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11.0mm 
12.7mm 
6.3mm 


During TBM passage, viaducts movements have been recorded both manually and automat- 
ically. Max settlements and max differential settlements are reported in the table and figure 
below in comparison with model predictions. Results show a very good fitting with difference 
of 1-2mm (<10%) comparing to 3D modelling; on the other side, 2D analysis has shown an 
over-estimate of the settlements by approx. 4-5mm (=30%). 

With regards to horizontal movements, looking at prisms and clinometer data, it was possible 
to see that the abutment had a small translational component (about 3-4mm) with a small rota- 
tion (between 0.3mm/m and 0.5mm/m) and a small deformation for a total of 6.3mm, still in line 
with predictions. 

No damages have been noted on the wall and both roadway and railway have been kept in 
operation at all times. 


6 CONCLUSIONS 


The 2nd stage of West extension works for M2 metro line in Warsaw were completed between 
2020 and 2021. In particular, along the D05 tunnel section, TBMs had to excavate below the abut- 
ments of a large road viaduct which overpasses an operating railway line. Modelling works have 
been carried out in order to predict movements of the viaduct in both empirical, FEM 2D and 
FEM 3D methods. By comparison with the monitoring data, it was possible to see that: 


— 3D FEM analysis with MIDAS GTS NX allowed the prediction of settlement and horizon- 
tal displacements during and following the TBM passage 

— The excavation numerical simulation with calibrated inner pressure and very fine meshing 
and sequencing turned out to be successful to determine the displacement development during 
TBM passage 

— Initial green-field calibration of the FEM model allowed to comply with design volume loss 
assumption 

— Monitoring data showed settlements very close to prediction by 3D modelling (difference 
of 1-2mm, i.e. <10%) and slightly over-estimated comparing to 2D modelling (difference 

— of 4-5mm, i.e. 30%). 


Finally, 3D modelling turned out to be useful and effective to estimate the impact of TBM 
excavation over existing assets and to guide project decisions, i.e. avoiding unnecessary soil 
improvements. 
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ABSTRACT: In the Rijnlandroute twin bored tunnel project, the break-out procedure was 
based on an arrival into an inundated shaft. Although an identical procedure was adopted for 
both tunnel drives, at the second drive the temporary watertight seal failed shortly after 
dewatering the shaft. The leakage generated soil transport from around the tunnel lining into 
the shaft, and by this a significant disturbance of the soil support finally leading to huge deform- 
ations and structural damage of the tunnel rings close to the arrival shaft. An exhaustive investi- 
gation campaign was implemented to define the residual support stiffness of the disturbed soil. 
Subsequently, a soil improvement was executed whereby the efficiency was checked by using the 
Multichannel Analysis of Surface Waves (MASW) technique in combination with common 
cone penetration tests. After checking the available space and the required clearance profile, the 
most appropriate secondary lining was developed in order to make this part of the tunnel fully 
compliant again. This meant that all criteria regarding structural strength, water tightness, fire 
resistance and durability needed to be met. The article will describe the investigations made, the 
design options considered, and the execution process implemented. 


1 TBM BREAK-OUT AT RECEPTION SHAFT 


For the TBM break-out of both tunnel drives, the methodology of the inundated reception 
shaft was chosen on account of the water table elevation and of the nature of the ground 
(mostly sands; Figure 7). Hereby, the water level inside the reception shaft is kept as least as 
high as the ground water level in the soil around the shaft. The TBM mines through the so- 
called soft eye in the diaphragm wall, an area slightly larger than the TBM where the 
reinforcement consists of glass fiber reinforced polymer bars (Mortier et al. 2019, Mortier & 
Peerdeman 2020). As soon as the diaphragm wall is mined over its full thickness, water will 
only flow out of the reception shaft and by this any soil transport from around the tunnel 
inside the shaft is prohibited. 

The TBM advances until the shield is past the lining ring positioned inside the diaphragm 
wall thickness. Then, the gap between tunnel lining and diaphragm wall can be grouted and 
injected to achieve a watertight sealing. After sufficient hardening time, the water inside the 
reception shaft is lowered step by step, while occurrence of any leakage is accurately monitored. 

Even though this methodology was performed successfully at the end of the first tunnel 
drive, and the reception shaft was fully dewatered after the arrival of the second tunnel drive 
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Figure 1. Longitudinal section of TBM break-out procedure — installation of lining inside diaphragm wall. 


without any leakage encountered, the seal in between diaphragm wall and tunnel lining failed 
suddenly after a few days. Due to the high inflow of ground water, a significant amount of 
soil also flowed into the reception shaft before the leakage could be stopped. This changed the 
support and loading condition of the lining rings adjacent to the reception shaft to such 
degree that large deformations and cracks were generated. 


2 ASSESSMENT OF THE LINING DAMAGE 


To assess the state of the lining, a 3D laser scan has been made. The results have been 
imported into a 3D modelling software and converted to a mesh for further analysis. Here for, 
cross sections at the centre of each ring were generated. The theoretical centre point for each 
ring was determined, and from this centre point, the distance to the intrados is measured 
along the circumference. These measurements are compared to the theoretical radius of the 
tunnel ring, being 4.985m for the Rijnlandroute tunnel. The differences in between measured 
and theoretical distances are finally plotted in charts as shown in Figure 2. 


N-1119 


deformed segment e 
. 


Figure 2. Cross sectional analysis of the 3D scan. 
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As the location of the segment joints is known, the individual segments of the ring can be 
traced. When a segment maintains its circular shaped curve, the measurements will show 
a straight line in the graph. Joint rotations are shown as the angles between two adjacent seg- 
ments. Ovalisation is the deviation from the theoretical diameter of two points 180° apart 
from each other. By comparing the measured deformations, rotations and ovalisations with 
allowable limit values, an assessment of the structural integrity of the lining can be made. 

Assuming that deformations of a segment are due to bending of a simply supported beam 
having the theoretical hoop force, a maximum allowable deformation of 11mm was defined. 
The maximum allowable rotation is defined by looking for the stage where the joint no longer 
provides additional rotational stiffness with increasing rotation. This value was 9mrad. Finally, 
the maximum allowable ovalisation was based on the DAUB rule stating that ovalisation shall 
be less than 0.5% of internal diameter, thus 49mm in case of the Rijnlandroute tunnel. Adopting 
these limit values, it was concluded that up to 10 rings were lacking the required structural integ- 
rity. The same exercise was done for the tunnel South, located at an interdistance of merely 
2.5m. For this tunnel it was concluded that no damage was encountered. 


3 BACK CALCULATIONS 


Based on the measured deformations and the location of the leakages, it was assumed that the 
soil support on the lower right quarter of the rings close to the receival shaft was reduced sig- 
nificantly. To test this theory, a simplified model of the tunnel was created in DIANA FEA. 
The model includes 12 consecutive rings whereby longitudinal segmental joints were modelled 
as Janssen material and the dowels and bicones in the ring joints as non-linear interfaces. The 
soil was represented by non-tension springs, while soil and water pressures were introduced as 
explicit loads on the lining. 


Figure 3. Deformations as obtained by back-calculation using DIANA FEA. 


To imitate the reduction of the soil support, part of the springs at the lower right corner 
were removed. At these locations the soil pressure was removed as well, but the water pressure 
was kept unchanged. The model was iteratively tuned until the resulting deformations 
matched the measured deformations of the tunnel. It was concluded that the most significant 
loss of bedding was encountered between rings N-1119 and N-1114, with the loss over the 
entire right half of the rings. From ring N-1114 to ring N-1109 the loss was limited to the 
bottom part only. 
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4 ASSESSMENT OF THE BEDDING 


To assess the quality of the bedding the tunnel lining experiences from the surrounding soil, 
two types of investigation were performed, a Multichannel Analysis of Surface waves 
(MASW) and a series of Cone Penetration Tests (CPT’s). 


4.1 Multichannel analysis of surface waves 


The MASW was executed by the Department of geotechnics of the Zagreb university. Hereby, 
14 longitudinal lines with a length of 30m, thus covering 15 rings were installed equally distrib- 
uted along the intrados. On each line, 20 geophones spaced 1.5m were attached to the tunnel 
internal surface. MASW is a non-destructive geophysical method for determination of the vel- 
ocity of surface waves and is exceptionally useful in determining the elastic modulus of various 
materials at very small strains, as well as in determining changes of such modulus with respect 
to depth. Waves are generated by means of mechanical impact and on the basis of the velocity 
the wave is registered by the geophones, the stiffness of the material the wave passed through 
can be determined. With the data obtained, 20 cross sections and 14 longitudinal sections of 
small strain shear moduli could be developed. The data showed that a loss of bedding stiffness 
mainly occurred at the northern side of the northern tunnel tube (area in between -20° and 
-160°), and this for the rings 1120 (ring inside the diaphragm wall) to 1114 (see also Figure 7). 


Figure 4. View on two lines of geophones installed at tunnel invert (left), introduction of impact signal 
(middle) and location of rings in tunnel north and south at arrival shaft (right). 


4.2 Cone penetration tests 


Three rows of 4 CPT’s each were performed, a row close to the outer side of each tunnel tube 
and one row in between both tunnel tubes. Comparison with CPT’s made before the tunnel 
drives showed no significant difference apart from one CPT where a sinkhole was encountered 
during the second tunnel drive. Strangely, this sinkhole was not visible in the MASW. 


5 ONGOING SETTLEMENTS 

Only a few days after the calamity, joint/crack width measurement markers and monitoring 
prisms were installed inside the tunnel. Frequent survey demonstrated an ongoing settlement 
of the affected length of the tunnel, whereby the largest settlements were registered at the loca- 


tion of the boogie of gantry 1. 
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Figure 5. Settlements along longitudinal profile rings N-1122 (inside diaphragm wall) to N-1100. 


6 SOIL IMPROVEMENT 


To warrant a service life of 100 years, the bedding of the surrounding soil layers needs to be 
restored and the structural strength of the lining requires upgrading. To restore the bedding, 
microsilica injection through the tunnel lining was chosen. This soil improvement was the first 
step, as the gantries needed to be removed out of the tunnel before any structural lining 
improvement could take place, and therefore gantry 1 needed to be shifted to the receival 
shaft. The latter was unallowable without prior soil improvement. Gantries 2 to 4 were pulled 
out of the tunnel towards the launching shaft. 

In order to fill any voids, the injection pressure needed at least to exceed the groundwater 
pressure, but this injection pressure acted as external load on the damaged lining and by that 
was limited. The developed FEM model was used to assess the allowable injection pressures. 
The injection pressure is modelled as a distributed load, acting on a 1m diameter circle. The 
position of this load is varied on a total of 12 locations. The excess pressure, compared to the 
present water pressure, is an additional load on the lining. Using a staged analysis whereby 
the measured deformation is firstly achieved and afterwards the injection pressures are intro- 
duced, gives the difference in deformations as expected effect of the injection works. 
A threshold value of 5mm was assumed for the differential deformations. It was found that 
excess pressure of about 80 to 200kPa, depending on the ring and position, are specified. To 
allow for minimum required injection pressures at the heavily deformed rings N-1119 to 
N-1117, without exceeding the 5mm threshold value, temporary steel support rings inside the 
tunnel became necessary. 


Figure 6. FEM model showing the 12 envisaged injection points. 
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Once the injection works were performed, their efficiency was evaluated by a new MASW 
and CPT investigation campaign. Especially the MASW results gave a clear picture that the 
injection works improved the surrounding soil mass to at least its initial strength. 
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Figure 7. MASW results at cross section of ring N-1118 before (left) and after (right) soil improvement. 


The MASW shows the small strain shear modulus (G0) which on its turn can be translated 
into soil strength parameters using well known correlations. The weak dark blue layers close 
to the invert of the lining before the soil improvement have been clearly changed into much 
stronger soil layers, indicated by yellow to purple coloring, after soil improvement. The soil 
mass further away from the lining has also been strengthened compared to the initial 
condition. 


7 TRADE-OFF STRUCTURAL REPAIR VARIANTS 


An effective structural repair of the lining was only considered feasible by means of a concrete 
internal lining. Ensuring the contractual clearance profile would result in a locally very thin 
inner lining of merely 100mm thickness. A slight reduction of the clearance profile at the crit- 
ical locations would allow for a 300mm thick internal lining. 

The first option would require high strength concrete without any dilation joint over the 
full length of the damaged area. The minimum thickness of 100mm would ensure sufficient 
fire resistance to the existing damaged lining, whereby it was reasoned that the lining surviving 
the situation after the calamity, would also survive the situation in between a fire scenario and 
the following repair. However, no further deterioration of the damaged lining in time could 
be allowed for, and therefore a cathodic protection of the damaged lining was considered 
necessary. 

The robust solution of a 300mm thick internal lining allowed for the installation of dilation 
joints. This lining would remain structurally sound during a fire case scenario, and by this the 
existing lining can be considered lost. The increased robustness, combined with a less compli- 
cated construction process led to the choice of the variant with slightly reduced clearance 
profile. 
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Figure 8. Options of inner lining considered in trade-off matrix. 


8 STRUCTURAL REPAIR BY MEANS OF ADDITIONAL INNER LINING 


8.1 Main principles 


To restore the structural integrity and water tightness of the tunnel, the realization of an inner 
concrete shell within the damaged tunnel rings was chosen. The assessment of the structural 
integrity did show exceedances of the criteria down to ring N-1109, while settlements have 
been registered down to ring N-1103. These observations led to the decision to realize a full 
inner lining over the area N-1121 to N-1108 and to further extend the two lateral beams down 
to ring N-1102. To have some flexibility, joints were added in the top half of the structure. 

In the regular tunnel sections, a rectangular precast concrete cable duct element was installed 
at the invert of the tunnel and subsequently infill on both sides was placed. Infill, together with 
the top slab of the cable duct formed the base level for the road works. At the calamity zone, 
a 300mm thick inner lining is foreseen. The cable duct couldn’t be placed on top of this as it 
would protrude from the top of the road level and it was neither possible to embed the cable 
duct into the inner lining, as this wasn’t compatible with the structural concept. 

It was chosen to use the existing precast duct elements by cutting their bottom slab. 
A fixation of the duct lateral walls into the inner lining compensated for the removed bottom 
part. By this the cable ducts could serve as formwork for the lateral beams. To avoid any 
structural influence from the beams on the cable ducts, a 20mm thick compressible material 
was placed at the interfaces. 


8.2 Phasing of the repair works 


The execution sequence was critical. The addition of the dead weight of the structural concrete 
had to be done in small steps, whereby the structural strength increase due to previous concrete 
pouring stages was essential to allow for a following pouring phase. To limit settlements, casting 
of the lateral beams was realized in two steps. The adopted sequence can be seen in Figure 9. 


8.3 Water tightness 

To prevent ingress of water into the bored tunnel, measurements were taken in a threefold way. 
8.3.1 Water tightness of the inner shell 

The inner shell comprised the non-dilated bottom part and the dilated top half. In the dilation 


joints of the top half, the injectable waterstops as usually adopted in tradition in-situ built 
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Figure 9. Execution sequence of the internal lining: casting of invert (top left), installation and fixation 
of cable duct (top right), casting of lateral beams in two pours (bottom left) and casting of top half 
(bottom right). 


tunnel segmental joints were used. At the construction joint between bottom and top half, 
horizontal injection hoses were installed to be used when necessary. 


8.3.2 Sealing of the damaged outer lining 

As it was expected that the damaged lining could have through going cracks, a sealing was 
installed at the intrados of the entire damaged area. Therefore, first all unevenesses were miti- 
gated by filling erector holes and smoothening the steppings in between consecutive rings by 
means of repair mortar. Subsequently the smoothened area was covered by a spray applied 
watertight membrane. 


8.3.3 Blocking of possible longitudinal leakage paths 

Water, entering through the damaged lining, could find its way via the longitudinal joints and/or 
tie rod holes further down in the tunnel, beyond the area of the inner lining. These longitudinal 
leakage paths had to be blocked. Therefore, the two consecutive ring joints N-1111/N-1110 and 
N-1110/N-1109 were injected, as well as all longitudinal lining joints and tie rod holes located in 
between these both fully injected ring joints. In the following downstream ring joint (N-1109/ 
N-1108) a drainage duct was installed to guide any potential leakage water towards the tunnel’s 
drainage system. For redundancy ring joint N-1108/N-1107 was fully injected and in the interface 
between inner lining and ring N-1107 two perimetric swell seals were placed. 


8.4 Fire resistance 


To ensure the required fire resistance against a two-hour lasting fire according the RijksWa- 
terStaat (RWS) fire curve, a few options were evaluated. A protection by means of passive fire 
protection boards would further limit the clearance profile by another 25 to 30mm. on top of 
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Figure 10. Blocking of longitudinal leakage paths. 


this, applying boards in a circular shape would lead to a huge number of small plates and thus 
huge number of joints that require accurate execution to limit the joint widths to +/-2mm. 

An alternative using spray applied mortar would also require a thickness of approximately 
35mm. The great advantage of a sprayed mortar is the easiness of installation in a circular 
shape. Contrary to the passive fire protection boards and the fiber-containing concrete, no 
fire tests were already performed for a spray applied mortar. The necessity to await positive 
results of fire tests on sufficiently dried-out test slabs (three months according to prescribed 
test protocols) introduced a significant time impact. 

Finally, an inner concrete shell comprising polypropylene fibers were considered. Positive 
test results were available for this option, and the clearance profile wasn’t further reduced. By 
this, it was decided to prefer this option. 


9 CONCLUSION 


By firstly implementing a soil improvement and subsequently installing an inner lining inside 
the damaged part of the Northern tunnel tube, the final status of the permanent works could 
be considered as fully compliant to all contractual requirements. Thanks to a good cooper- 
ation in between contractor, client and authorities, a small concession in the clearance profile 
allowed for a sound structure during the entire lifetime. Structural integrity, functionality, 
durability and resistance to fire case scenarios were hereby the main points of aspect. Innova- 
tive soil investigation techniques like MASW were very useful to determine the magnitude of 
the impacted area and to evaluate the efficiency of the performed soil improvement. The initial 
contact grouting appeared to be marginally efficient, contrary to the subsequently performed 
grouting which proved to lead to good results. 
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ABSTRACT: This paper presents an adopted methodology for Tunnel Boring Machine 
(TBM) selection, based on the results of engineering geological - geotechnical feasibility 
assessment of tunnels. The selection of the appropriate TBM is analysed and presented step 
by step, addressing all issues that cover most engineering geological and geotechnical critical 
aspects of the selection process. The applicability of each type of TBM is discussed using 
a significant number of sampling boreholes and in situ - laboratory testing, obtained from an 
extensive ground investigation campaign, in urban environment. This information was elabor- 
ated in order to obtain a better engineering geological understanding and ground zonation 
with respect to mechanised tunnelling. Besides the expected geomaterial behaviour, the TBM 
selection is also based on the percentage of fines at the tunnel profile, the permeability and 
hydraulic head, while abrasiveness, sticky behaviour, clogging risk and mixed ground condi- 
tions are also taken into account. Finally, an example of the application of TBM type selec- 
tion methodology in urban tunnel is given. 


1 INTRODUCTION 


Mechanized tunnelling is widely used for urban projects due to its advantages of high effi- 
ciency, safety and low cost. Nevertheless, these advantages can only be realized based on opti- 
mal tunnel boring machine (TBM) type selection. If the type selection is not appropriate, 
TBM tunnelling may exhibit problems such as extended downtime, low advance rates and 
even serious operational problems. TBM selection is an important factor in countering TBM 
problems in adverse geology and complex engineering geological and geotechnical conditions 
such as fault-fracture zones, ground heterogeneity, high stress regime etc. Therefore, it is very 
important to define the geological-geotechnical application range of each TBM type, as it is 
a fundamental criterion in the correct selection process. The present paper defines the applica- 
tion range of each TBM type by collecting and evaluating numerous data from tunnel case- 
studies and TBM specifications. After appropriate classification, geological, geotechnical, 
special and construction parameters that have an effect on the selection of the appropriate 
type of TBM are presented and evaluated in this context. An analytical TBM type selection 
methodology is thus proposed focusing on an array of engineering geological and geotechnical 
parameters, with specific steps and TBM selection tables, to allow for the optimal TBM type 
selection for a given set of conditions during the design stage of a project. 
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2 RELATIONSHIP BETWEEN TUNNEL BORING MACHINES AND 


GEOLOGICAL - GEOTECHNICAL APPLICATION RANGES 


Each TBM type is best suited for particular geological and geotechnical conditions with 
respect to their tunnelling procedure and their technical features. In the following paragraphs, 
the TBM types and their geological-geotechnical application ranges are presented in 
a comprehensive manner. These application ranges, associated with engineering geological 
conditions are also presented in Figure 1. 


Gripper or Main Beam (GRT): Typically used in hard rock with a medium to long stand- 
up time. There is no active support of the excavation profile. The contact pressure is 
applied to the cutterhead, when the TBM is braced radially by bracing plates (gripper 
plates), which are hydraulically pressed against the tunnel sides. The Gripper is equipped 
with devices to install steel arches, shotcrete, spiles or anchors behind the cutterhead, in 
case of unstable or heterogeneous rock conditions, such as faults and high fracture zones. 
Extension (XTS): Used in hard rock to enlarge a previously constructed continuous pilot 
tunnel to the final diameter. 

Single or Open Shield (OPS): Used in stable, mostly impermeable cohesive soils with high 
fines content and self-standing weak rock masses. Single TBMs consist of a shield that pas- 
sively supports the tunnel profile. In blocky rock masses, jacking shields are also used. In 
sections of unstable conditions, such as fault zones, the TBM is equipped with rock 
improvement equipment for use ahead of the TBM. 

Double Shield (DOS): Mainly used in hard rock and strong heterogeneous rock masses 
with a stable tunnel face. These TBM consist of two telescopic parts. The front shield 
includes the cutterhead, the cutterhead drive and the main thrust cylinders. The back (grip- 
per) shield incorporates the gripper plates and the auxiliary thrust cylinders. Connected to 
the gripper shield are the tailskin and the segment erector. The shields are connected with 
the telescopic joints which are enclosed by the telescopic shield. There are no installations 
for active support of the excavation face. For the identification of sections of unstable rock 
mass ahead of the TBM, DOS is typically equipped with forward probe drilling equipment. 
Slurry|Mixshield (SLS): The tunnel face is supported by a fluid that is under pressure 
(slurry). The excavation chamber is sealed off from the tunnel by the bulkhead. Depending 
on the ground permeability, appropriate suspensions are used for the generation and appli- 
cation of the active support. The density and/or viscosity of the suspension may vary. Ben- 
tonite suspension has proved to be particularly effective. The main range of application of 
SLS is non-cohesive soils, such as sand and gravel. Boulders are typically broken by cutter 
discs and/or rock crushers. 

Earth Pressure Balance (EPB): The tunnel face is actively supported by an earth paste 
formed from the excavated material. The support pressure is controlled by the speed of the 
screw conveyor and the advance rate of the EPB as well as the pressure-volume controlled 
injection of suitable conditioners, such as bentonite or polymer of foam. EPBs are mainly 
suitable for clayey soils with cohesive fractions. The mode of operation where the excava- 
tion chamber is completely filled with the earth paste is called closed mode. In stable 
ground, the EPB can also be used in open operation mode without active support of the 
tunnel face. Semi open/semi closed mode of operation is also possible (partially filled exca- 
vation chamber with/without compressed air) in stable ground conditions with small water 
inflows. It is noticed that the continuous development in additive technology has allowed 
for the EPB and SLS types to excavate a broader range of soil conditions and their applica- 
tion range typically overlaps. 

Variable Density (VDS): Combines the principles of the active tunnel face support of 
a Slurry and that of an EPB. These TBMs can be used across the combined application 
range of the two aforementioned machines. The VDS has two chambers connected to each 
other by communication pipes with an air cushion for precise regulation of the support 
pressure. Extraction of the material from the excavation chamber takes place via a screw 
conveyor, in both slurry and earth pressure support modes. 
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¢ HybridlMulti mode (HYS): Features components of two different machine types. Typically 
used when the excavation is expected to run through extremely variable ground conditions 
(e.g. from hard rock to loose soil geomaterials) for significant lengths. Initially designed as 
EPB machines and then converted, making them not very efficient for use in rocks. The 
most common type is a multi-mode between EPB with a screw conveyor (closed or semi- 
closed mode) and conversion to Single Shield with the installation of a belt conveyor (open 
mode). Typically, the only changes made to the machine are components such as cutting 
tools and muck removal method that can be switched depending on ground conditions. 
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Figure 1. Classification of tunnel boring machine types and their rough engineering geological applica- 
tion range (TBM sketches from DAUB 2022). 


3 TUNNEL BORING MACHINE SELECTION PARAMETERS 


In order to determine the optimal tunnel boring machine type and its specifications for 
a project a number of parameters is typically examined and evaluated. The present paper elab- 
orates an array of parameters, mainly associated with urban area cases, and evaluates their 
effect on the TBM selection process. These parameters are divided in four categories, each 
containing different parameters that affect different aspects of mechanised tunnelling. 
Figure 2 presents the above mentioned parameters and the evaluation of the effect of each 
parameter on the selection of the appropriate tunnel boring machine. The above mentioned 
group of parameters, and the most important selection parameters and their effect on deter- 
mining the appropriate TBM type are briefly described in the following paragraphs. 


3.1 Engineering geological - geotechnical parameters 


The type of the excavated material, its physical and mechanical characteristics, its quality and 
its geotechnical classification obviously is the fundamental factor regarding the selection of 
the TBM type. Change in the engineering geological - geotechnical conditions can shift the 
TBM type selection from a Single Open to a pressurized EPB or SLS type machine with com- 
plex operating parameters. The knowledge of the engineering geological - geotechnical 
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conditions is the most important principle for the execution of a tunnelling project and the 
more comprehensively the investigations are carried out and the more valid they are, the 
better the basis for selecting the optimal TBM. 


3.2 Hydrogeological parameters 


Ground permeability is a decisive parameter for the selection of the appropriate TBM type of 
each project, in terms of ensuring that the excavation face will remain stable in the short term. 
Permeability is critical for TBMs using active tunnel face support such as Slurry, EPB and VDS. 
EPB instead of Slurry is typically more suitable in cases of geomaterials with permeability values 
lower than 1-10° m/sec. For Slurry TBMs, the effect of permeability parameter is attenuated by 
the fact that a fluid is used for active face support and mucking. The sealing elements of a TBM 
have to be suited to the hydrogeological requirements. The presence of high water pressures and/ 
or potential large water inflows may wash out the excavated material and impose problems in 
the creation of sufficient sealing conditions. Shield machines with slurry supported faces are able 
to confront high water pressures more adequately. Tunnelling with the use of EPB in higher 
water pressures entails the risk that the screw conveyor sealing is compromised and additional 
measures have to be undertaken (e.g. pump discharge at the end of the screw). 


EVALUATION OF EFFECT OF TBM SELECTION PARAMETERS 
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Figure 2. Evaluation of TBM selection parameters. 


3.3 Special engineering geological - geotechnical parameters 


The special engineering geological - geotechnical conditions include various parameters that 
affect either directly the TBM selection process or its configuration and equipment that it 
should include in given conditions. A selection of these special parameters are further elabor- 
ated in the following paragraphs notwithstanding the fact that all are of significant import- 
ance, depending on the project conditions. However, in the context of the present paper, not 
all can be highlighted. 
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3.3.1 Stickiness - Clogging 

Certain geological formations, mainly those consisting of high plasticity minerals such as 
clays, tend to demonstrate sticky behaviour. Sticky behaviour is the tendency of adhesion of 
excavated material to the excavation tools leading to clogging of the mucking and excavation 
equipment. Sticking and clogging parameters do not affect the TBM selection but its configur- 
ation and excavation sequence. When such conditions are expected the cutterhead configur- 
ation and the use of additives should be adapted accordingly. These parameters mainly affect 
the TBM advance rate. For example, reduction of the advance rate may be the outcome of the 
excavation chamber of a Slurry TBM having to be flushed or of time-consuming manual 
cleaning leading to unplanned stoppages. During the operation of an EPB, they may lead to 
blocking of the cutterhead openings, the working chamber and the screw conveyor, or prevent 
the advance of the shield due to friction. 


3.3.2 Abrasiveness - Wear 

Geological formations with high abrasive ground content, such as quartz, may cause wear in 
certain parts of the TBM during its operation, such as the cutting tools, the cutterhead, the 
bulkhead and the extraction systems. The higher the content of hard minerals in the geomater- 
ials of the excavation face is, the more abrasive the ground and consequently the shorter the 
lifetime of the cutting tools and cutterhead (Nilsen, 2006). Extremely high abrasiveness and 
hardness make it impossible or uneconomical to use EPB and Multimode types. 


3.4 Project parameters 


The project parameters are distinguished into those that are purely related to the tunnel align- 
ment geometrical characteristics and those relating to the environment of the project in terms 
of urban development and restrictions. One of the most important parameters is the alignment 
of the tunnel. Factors such as the minimum horizontal or vertical curvature can have dramatic 
impact on the layout and configuration of the TBM. The tunnel depth may influence ground 
and water load pressure on the TBM. Also, the site restrictions, such as the size of and access 
to the job site have decisive impact on the TBM selection in urban areas (TBM assemble & 
launch, mucking etc). Slurry TBM requires a large site area for the support back-up system 
and in such cases, this may be the dominant selection criterion. A decisive parameter is also 
the presence of structures and the deformations that they can tolerate. In conditions where the 
tolerance is low, the use of an active face support TBM is typically the case. 


4 TUNNEL BORING MACHINES SELECTION METHODOLOGY 


A five-step methodology is introduced for the selection of the optimal machine type. This pro- 
cedure is shown in Figure 3 and briefly described in this paragraph. The methodology relies 
on the evaluation of the engineering geological and geotechnical conditions for the selection 
of the optimum machine type in urban tunnels, modifying the proposed methodology of the 
German Tunnelling Committee (DAUB, 2022). The methodology herein is deemed more con- 
venient and comprehensive with an analytical procedure for the engineering geological - geo- 
technical model compilation as well as the interaction between TBM and the excavated 
ground with the evaluation of all essential engineering geological - geotechnical parameters. It 
is noted that this methodology is also applicable to smaller TBM diameters (minimum diam- 
eter 6 m). 

According to the DAUB recommendations a seven-step procedure is recommended: 1. Geo- 
technical report analysis, 2. System behaviour analysis, 3. Preliminary machine selection, 4. 
Muck conveying analysis, 5. Spoil management analysis, 6. Define machine type and 7. Spe- 
cific categorization into tunnelling sections; a procedure with a rough description and evalu- 
ation of engineering geological and geotechnical conditions with an emphasis on the 
excavated material transport, muck removal and waste management. 
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Engineering geological hydrogeological — geotechnical model 


Ground model — TBM system behavior analysis 
Preliminary TBM selection 


Excavated material conveying and management analysis 


Determination of machine type 
Step 5 


Figure 3. Selection of a tunnel boring machine type flow diagram (modified from DAUB 2022). 


SOIL GEOMATERIAL 


application 


Figure 4. TBM type application range & selection criteria in soil geomaterials (modified from DAUB 
2022). 
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ROCK MASS 
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Figure 5. TBM type application range & selection criteria in rock/rock mass (modified from DAUB 2022). 


4.1 Engineering geological, hydrogeological — geotechnical model (Step 1) 


The tunnel project is divided into homogeneous zones along its route. Specially, this step con- 
tains the division of the geotechnical longitudinal section into delimited zones, consisting of 
single or several ground types, which comprise comparable properties for underground con- 
struction work. Decisive for the TBM drive is the situation at the tunnel face. 


4.2 Ground model — TBM system behaviour analysis (Step 2) 


In the second step, the interaction between the TBM and the excavated ground, is examined. 
This includes, in particular, the evaluation of the special engineering geological - geotechnical 
parameters, stability and face support issues as well as ground and structure settlements. 


4.3 Preliminary TBM selection (Step 3) 


Based on the above-mentioned geotechnical evaluation and elimination method, suitable 
TBM types can be assigned to individual homogeneous zones, so that a qualitative pre- 
selection of possible TBM types along the tunnel route is possible. In particular, a selection 
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Figure 6. An example of the application of TBM type selection methodology in urban tunnel. 
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and exclusion table for each of the sections is drawn up to determine which TBM types are 
suitable or possible in principle, according to the following tables. In the context of this paper, 
separate tables of application ranges and selection criteria have been constructed, depending 
on the nature of the excavated geomaterial, as it was deemed necessary within the proposed 
methodology. A table has been constructed for soil materials (Figure 4) and a table for rocks 
and rock masses (Figure 5). 


4.4 Excavated material conveying and management analysis (Step 4) 


In order to investigate cost-effectiveness for the selection of a TBM, muck transport behaviour 
and spoil management (recycling & disposal) have to be considered. This refers to the transport 
of the excavated material from the excavation chamber to the final location, i.e. removal from 
site. At the end of this step, there may be modifications of the preliminary selection of TBM. 


4.5 Determination of machine type (Step 5) 


Finally, the optimal TBM type is determined taking into account all previously established fac- 
tors. The project is divided into the final sections, with clear definitions of the operating modes. 

An example of the application of TBM type selection methodology in urban tunnel is 
shown in Figure 6. It is an urban tunnel with a diameter of 6 m in a densely populated area 
with historic buildings with a minimum overburden of ~ 13 m, passing through alternating 
soil and rock mass formations. In particular, quaternary soil deposits of stiff to very stiff 
sandy clay to medium dense to dense clayey/ silty sand with locally gravels, Neogene soil 
deposits of very stiff to hard clay to sandy clay locally with clayey gravels and clayey sands 
and alpine schist rock mass. 


5 CONCLUSIONS 


In this paper, as a result of collecting and evaluating the specifications of TBM manufacturers 
and various underground projects with mechanised boring, mainly in urban areas, the geological 
and geotechnical application ranges of each TBM type were defined, as these are the fundamental 
parameters for the selection of the optimal TBM type for a project. The outcome of the afore- 
mentioned process was to define, categorize and evaluate the most important geological, geotech- 
nical, hydrogeological, special and project parameters for each TBM type in terms of their effect 
on the selection of the appropriate machine type. 

An innovation of this paper is a proposed user friendly TBM type selection methodology 
with specific steps with supporting parameters and TBM selection tables for its application. 
TBM tables with selection parameters have been grouped based on the fundamental separ- 
ation of the excavated geomaterials nature i.e., soil and rock/rock mass. In order to the thor- 
ough understanding of the TBM selection methodology and the application of the supporting 
material, an example of an urban tunnel case is given, comprising alternating soil and rock/ 
rock mass formations, so as to cover the entire application range of all types of TBMs. 
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ABSTRACT: Rock excavation is essential for the development of underground space. In 
general, rock excavation is performed by a mechanical method such as a jumbo drill or blast- 
ing using explosives. These conventional methods cause various complaints owing to factors 
such as dust, noise, vibration when excavating hard rocks such as granite. These complaints 
cause significant economic loss during the construction process. Waterjet drilling is a method 
for excavating rocks using only water and abrasives. Waterjets for drilling rocks can overcome 
problems associated with conventional rock excavation methods. The waterjet rock drilling 
system minimizes dust and vibration generated during the hard rock drilling process. In this 
study, a waterjet drilling system equipped with a double nozzle was developed. In addition, 
granite drilling performance was analyzed using the developed waterjet drilling system. This 
new drilling method reduces the construction time and cost by resolving complaints. 


1 INTRODUCTION 


The need for efficient space utilization has increased owing to urbanization. Therefore, 
attempts have been made to utilize the underground spaces of cities in various ways, such as 
energy supply facilities, logistics and transportation facilities, and environmental and safety- 
related facilities. Underground spaces in urban areas face safety issues (e.g., earthquakes) and 
environmental issues (e.g., vibration and noise) that arise when existing urban areas (Jiang 
et al. 2021). Current excavation methods used to develop underground spaces are mainly 
blasting methods owing to their cost efficiency. However, blasting has the disadvantage of 
high vibration. To solve this problem, a hydraulic splitter was developed for rock excavation 
(Liu et al. 2020) or smooth blasting with a pre-surface was applied to hard rocks (Oh et al. 
2013). Hydraulic splitting is a method of crushing the rock by placing a rod in a gap between 
the rocks and expanding it by hydraulic pressure. For a hydraulic splitter or smooth blasting 
with a pre-surface method, drilling is required to split the rock or charge the explosive. The 
waterjet with high pressure regimes can be usefully used for hard rock cutting (Stoxreiter et al. 
2018). Stoxreiter et al. (2019) increased drilling performance by using a water jet as an assisted 
for drill bits. To achieve efficient drilling, in this study, an alternative drilling system using 
only the waterjet system was developed. 


*Corresponding author 


DOI: 10.1201/9781003348030-164 


1381 


1.1 Waterjet parameters 


The factors affecting waterjet drilling performance can be divided into jet energy, geometry, 
rock properties, and nozzle characteristics (Oh and Cho 2014). The jet energy is a parameter 
that directly affects the energy of a mixture of abrasive and water. It involves water pressure, 
water flow rate, abrasive feed rate, and jet exposure time. The geometric parameter is defined 
as the geometric relationship between the tip of the waterjet nozzle and the surface of the 
target rock. Because the waterjet is dissipated in the atmosphere before the target rock is 
jetted, the waterjet performance depends on the geometric parameter. In this study, The stand- 
off distance(SOD) is the most representative geometric parameter. The standoff distance 
means the distance between the tip of the waterjet nozzle and the surface of the target rock. 
The rock properties involve the hardness or strength of the target rock. They determine the 
resistance of the rock to the force of the abrasive waterjet. The nozzle system parameter is 
related to the energy attenuation that occurs in the waterjet nozzle. It involves the energy loss 
coefficient, which is affected by the efficiency of the abrasive mixing inside the nozzle and con- 
traction of the water flow section in the waterjet nozzle system. 


1.2 Dual-nozzle system 


The waterjet performance can be measured using the drilling depth and width of the removal 
shape. The waterjet performance varies according to the waterjet parameter; however, the width 
of the removal shape mainly depends on the standoff distance (SOD) (Oh and Cho 2014). Rock 
hydraulic splitting is a vibration-free excavation method in which a crushing rock bed by placing 
a rock rod in a drilled hole and expanding it with hydraulic pressure. In general, a drilled hole 
with a diameter of 50 mm or more is required to insert a rod. In this study, a waterjet system 
capable of drilling with a diameter of 50 mm or more and requiring a hydraulic splitter was 
designed. Figure 1 shows the width of the removal shape when the drilling test was performed 
with a single waterjet nozzle. The width of the removal shape increased as the SOD increased. In 
addition, the results of the exposure times of 10 and 30 s were obtained. Considered the removal 
width formed by a one nozzle, two nozzles should be used to ensure the removal width as a target 
(50 mm or more). Thus, in this study, a waterjet drilling system with a dual-nozzle system was 
designed to secure the target diameter (50 mm or more). 
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Figure 1. Width of removal shape according to standoff distance. 


1.3. Objective 


Previous research on waterjet excavation did not consider the availability of waterjet drilling 
systems. In this study, drilling performance was analyzed using a developed waterjet drilling 
system with dual nozzles. A waterjet drilling experiment was performed according to the water- 
jet parameters (e.g., water pressure and SOD). The drilling of the target diameter (50 mm or 
more) was confirmed, and the drilling speed was analyzed by the depth of the removal shape. 
Finally, the removal shape drilled by the dual nozzles was analyzed using the concept of effect- 
ive depth, and a removal shape capable of efficient drilling was determined. 
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2 EXPERIMENTAL PROGRAM 


2.1 Specimen and abrasive preparation 


Abrasive waterjet drilling tests were performed on granite specimens using garnet abrasive. 
Figure 2 shows the abrasive and granite specimens used in the tests. The granite specimens used 
were 200 x 200 x 200 mm blocks. The physical properties of the rock specimens are shown in 
Table 1. The physical properties of the rock were tested according to ASTM C97/C97M-18/ 
D7012-14e1. All values of Table 1 were obtained as the average values of the 5 rock cores. 
A garnet was used as an abrasive because of its economic feasibility and performance. The prop- 
erties of the abrasive are presented in Table 2. The input amount of the abrasive is 200+30 g/sec. 


F 


(a) Granite rock specimen (b) Garnet abrasive 


Figure 2. Specimen and abrasive preparation. 


Table 1. Properties of rock specimens. 


Rock type Density (g/cm?) Uniaxial compressive strength (MPa) Absorption rate (%) Porosity (%) 


Granite 2.65 210.2 0.31 0.83 


Table 2. Properties of abrasive. 


Abrasive type Hardness (Mohs Density Particle size Dso 
YP scale) (g/cm?) (mesh) (mm) 
Almandite Garnet [Fe3Al, 7.5-8.5 39-41 30-60 0.4 


(SiO4) 


2.2 Test setup and procedure 


The waterjet drilling system consists of a waterjet pump, abrasive feeding device, dual waterjet 
nozzles, and rotating/vertical movement mount (Figure 3). The waterjet pump pressurizes water 
and supplies it to the waterjet nozzles. The abrasive feeding device supplies a certain amount of 
abrasive to the waterjet nozzles. The waterjet nozzles mix the supplied water and abrasive inside 
and shoot it in the form of a jet. The shot jet is primarily removed by hitting the rock with a high- 
speed abrasive accelerated by the waterjet. Thereafter, the secondary hit jet is reflected to cause 
erosion on the rock surface. As this process is repeated, waterjet rock drilling proceeds. The rotat- 
ing/vertical movement mount rotates the waterjet nozzle to enable drilling and moves vertically to 
adjust the SOD. As the mount rotates, the water jet removal radius is increased and a drilling hole 
is formed. The speed of rotation is 1 rpm. Table 3 lists the specifications of the waterjet pump and 
the nozzle used in the test. 

The waterjet pressure was an experimental variable (200-300 MPa). The SOD between the 
tips of the nozzles and specimen was adjusted to 100-400 mm. After the water pressure and 
SOD were set, the waterjet drilling system was operated. The nozzle rotated through the rotat- 
ing movement mount and shot an abrasive waterjet to drill the granite specimen. 


1383 


(a) Waterjet p pump (b) Dual waterjet nozzles 


(c) Motor for rotating nozzles (d) Rotating/vertical-movement mount with nozzles (side view) 


Figure 3. Waterjet drilling system with dual nozzles. 


Table 3. Waterjet pump and nozzle specifications. 


Pump Maximum Maximum dis- Maximum Focusing tube Focusing Orifice inner 
t power charge pressure water flowrate inner diameter tube length diameter 
ype (kW) (MPa) (L/min) (mm) (mm) (mm) 
Plunger 

type 180 300 24 2.5 150 0.7 

diesel 


2.3 Test parameters 


Drilling tests were performed by changing the waterjet parameters (i.e., the water pressure and 
SOD). The water pressure was changed to 200, 250, and 300 MPa, and the SOD was changed 
to 100, 200, 300, and 400 mm. The drilling depth, width, and effective depth were measured at 
least twice to estimate the drilling performance. The measurement indices for drilling perform- 
ance after jetting are shown in Figure 4. 


Figure 4. Concept of drilling performance indices (side view of specimen). 
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3 RESULTS AND ANALYSES 


3.1 Drilling width 


A drilling test was performed to verify drilling with a diameter of more than 50 mm. The drilling 
width is necessary for applying a hydraulic split; however, it is also important to insert a waterjet 
nozzle into the removal hole. According to previous research (Kovacevic 1992), waterjet cutting 
does not progress significantly when the SOD increases. Thus, to maintain drilling efficiency, it is 
extremely important to maintain a certain SOD by inserting a waterjet nozzle into the removal 
shape as drilling proceeds. Figure 5 shows the drilling width with SOD. As the SOD increased, 
the drilling width also increased. The impact radius increases because the shot waterjet continues 
to disperse until it reaches the target rock. Therefore, it is analyzed that the drilling width varies 
depending on the SOD rather than the water pressure. The increasing SOD induces energy dissi- 
pation in water jetting. In all experimental conditions, the drilling width was greater than 50 mm, 
and a waterjet nozzle was inserted into the removal hole (Figure 6). It means that continuous drill- 
ing is possible while maintaining waterjet drilling performance through nozzle insertion. 
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Figure 5. Results of drilling width according to the SOD. 


(a) Removal shape after jetting (b) Nozzle inserted into drilling holes 


Figure 6. Picture of waterjet drilling experiment on rock specimen. 


3.2 Drilling depth 


Drilling depth is an important index of drilling speed efficiency. Figure 7 shows the drilling depth 
according to SOD. As the SOD increased, the drilling depth tended to decrease. In addition, as 
the water pressure increased, the drilling depth tended to increase. This tendency is analyzed 
because the energy of the waterjet decreases as the waterjet is dispersed as the SOD increases. 
At a water pressure of 200 MPa, when the SOD increased from 100 to 400 mm, the drilling 
depth decreased by 26.7% from 165 to 121 mm. At an SOD of 100 mm, when the water pressure 
increased from 200 to 300 MPa, the drilling depth increased by 30.3% from 165 to 215 mm. 
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Thus, to increase the drilling speed efficiency, it is advantageous to operate under a low SOD 
condition within the range where the waterjet nozzles can be inserted. 
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Figure 7. Results of drilling depth according to the SOD. 


3.3 Effective drilling depth 


In a waterjet drilling system, drilling is performed using a rotating dual nozzle. Thus, the drill- 
ing of the central portion is insufficient compared with the outer removal portion. At a low 
SOD, the waterjet shot from each nozzle did not overlap, and the drilling of the central por- 
tion was not removed. Drilling of the central portion proceeded when drilling was performed 
at an appropriate SOD (Figure 8). 


(a) Picture of rock specimen with center part not re- (b) Picutre of rock specimen with center part 
moved (At SOD of 100 mm) removed (At SOD of 400 mm) 


Figure 8. Removal shape of rock specimen according to the SOD at water pressure of 300 MPa. 
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Figure 9. Results of effective depth according to the SOD. 
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Figure 9 shows the effective depth according to the SOD at different water pressures. The 
effective depth tended to increase significantly when the SOD increased from 100 to 200 mm. 
The waterjet drilling system in this study, each single nozzle excavates a certain range, and as 
theses nozzles rotate, the drilling hole is expanded to a target diameter (50 mm or more). If the 
SOD is too low and the drilling width of each single nozzle is too low, the center of the final 
drilling hole is hardly excavated. This means that, in the current waterjet system, overlapping of 
the waterjet was rarely achieved at an SOD of 100 mm. 


4 CONCLUSIONS 


A waterjet system with a dual nozzle was developed, and the drilling results were analyzed 
according to the water pressure and SOD. The waterjet system was drilled with a sufficient 
width to apply hydraulic splitting or nozzle insertion. Waterjet drilling systems are expected 
to be utilized efficiently for drilling hard rocks in urban areas. The following conclusions 
were drawn in this study. 


— The drilling width changed more sensitively to the SOD than to the water pressure. As the 
SOD increased, the drilling width also increased. However, as the SOD increased, the total 
energy of the waterjet was also significantly attenuated. Therefore, it is extremely important 
to maintain an appropriate SOD during waterjet drilling. 

— The drilling depth increased as the water pressure increased and the SOD decreased. It is 
advantageous to lower the SOD for high efficiency at a given drilling speed. However, at 
a low SOD, the effective depth should be considered for smooth insertion into the drilling 
hole. 
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ABSTRACT: With tunnel boring machine (TBM) technology development, tunnels are 
being constructed even in challenging environments. Nevertheless, there is still a problem in 
that excessive stress is induced in the segmental lining during shield TBM tunnelling in over- 
stressed rock. Structural solution based on the resistance principle causes overdesign of seg- 
mental lining and increases direct construction cost. Therefore, studies on various deformable 
supports that allow some tunnel wall displacement after excavation to reduce the support 
pressure have been conducted based on the yielding principle. In TBM tunnelling, the pre- 
fabricated composite segments with a compressible layer combined at their extrados can be 
considered, but this design is not well established. In this study, a numerical analysis based on 
the finite element method was performed to investigate the effect of the compressible layer on 
the segmental lining and the surrounding ground in the deep soft rock. 


1 INTRODUCTION 


With the development of tunnel boring machine (TBM) technology, it is possible to construct 
relatively continuously and repeatedly compared to the conventional method and to minimize 
the deformation of the ground. Consequently, underground space development is being 
actively pursued in rather challenging conditions. Despite this, there is a geo-risk in which 
tunnel wall displacement is caused by plastic deformation due to high pressure on a tunnel 
with high rock cover, excavated in weak strength, or severely jointed rock mass (Hoek and 
Marinos, 2009). The problem is that this causes excessive stress on the segmental lining 
(Ramoni and Anagnostou, 2010b). Structural solutions based on the conventional resistance 
principle include increasing the thickness and strength of the segment, employing a double- 
shell lining structure (Mezger et al., 2017). However, due to the increased segment weight, 
these solutions create manufacturing, transport, and construction issues and may lead to over- 
design and increased direct construction costs. 

Problems such as spalling, rock burst, and squeezing may arise during tunnelling in over- 
stressed rocks, such as deep soft rocks. Particularly in the case of squeezing ground, where 
internal displacement occurs in a time-dependent manner, it is known that additional stress is 
induced in the lining when the conventional support with high stiffness is utilized (Ramoni 
and Anagnostou, 2010a). Accordingly, studies on yielding support of various types have been 
conducted to reduce support pressure by allowing some tunnel wall displacement by yielding 
deformable elements (Anagnostou and Cantieni, 2007). It is known that ideal yielding support 
should be installed at an appropriate time, have a yielding phase, and ultimately have high 
stiffness (Wu et al., 2021). From the perspective of the Convergence-Confinement Method 
(CCM), the segmental lining of the shield tunnel and yielding support can be represented as 
shown in Figure 1. Yielding support for shield tunnels is divided into cases where tangential 
deformable elements are used as longitudinal joints of the segment and where a radially 
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compressible layer is used between the segmental lining and the ground or segmental lining 
and backfill material (Cantieni and Anagnostou, 2009). Deformation capacity, initial stiffness, 
yield pressure, serviceability, installation procedure, and cost are important design parameters 
for deformable segmental lining systems (Mezger et al., 2018). Various materials that can be 
utilized as deformable elements have been studied or constructed. As of late, experiments and 
numerical studies have been conducted utilizing polyethylene (PE), polyurethane (PU), PE 
foam, PU foam, expanded clay (Hu et al., 2020). as the material for the compressible layer. In 
addition, theoretical studies on the effect of the compressible layer on the support pressure of 
the tunnel lining have been conducted (Do et al., 2021). Nevertheless, studies on the effect on 
the surrounding ground and the consideration of the three-dimensional spatial stress change 
at the initial stage of construction and excavation for the shield tunnel are insufficient. Also, 
the design of the compressible layer for the shield tunnel is still not well established. 

In this study, pre-fabricated composite segments with a compressible layer combined at 
their extrados were considered as a yielding support system for the shield tunnel. A simplified 
finite element method (FEM) based model was used to numerically analyze the effect of the 
compressible layer on the concrete lining and surrounding ground during the excavation of 
the shield tunnel in deep soft rock. A parametric study was conducted to evaluate the effect of 
the thickness ratio of the compressible layer and the backfill material, and the stiffness of the 
ground and the backfill material on the initial stability of the tunnel after excavation. Through 
the numerical model following the general excavation sequence, the support process using 
composite segments was simulated during shield TBM tunnelling, and ABAQUS/CAE based 
FE codes were used for finite element analysis (FEA). The results of this study help to under- 
stand the interaction between the backfill material and the ground when designing the com- 
pressible layer for the shield tunnel and are expected to be utilized in future model 
experiments or quantitative numerical analysis studies. 


4 
Ground reaction curve, GRC 


_» SCC of segmental lining 


Support pressure 


Support characteristic curve, 
SCC of yielding supports 
4 


Py 


=- 


uo Tunnel wall displacement 


Figure 1. Comparison of segmental lining and yielding support through the Convergence-Confinement 
Method (CCM). 


2 NUMERICAL METHODOLOGY 


To simulate the support sequence through the composite segment during tunnelling using the 
shield TBM in deep soft rock, a simplified numerical model based on FEM was proposed 
(Figure 3). It was considered a prefabricated composite segment in which a compressible layer 
composed of PU was combined at the extrados of the concrete segment. Overcutting can be 
considered by increasing the conicity of TBM to prevent shield jamming or excessive stress on 
the lining by providing more space for deformation (Ramoni and Anagnostou, 2010b). In 
a simplified numerical model, overcutting can be described by forming a gap through the dif- 
ference between the tunnel boring diameter and the outer diameter of the cylindrical shield. In 
this numerical analysis, the influence of the main factors was analyzed under the same 
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excavation conditions, and it was performed with a gap of 0.01 m. The model was composed 
of soft rock, structural elements, and compressible elements, and ABAQUS/CAE 2022, devel- 
oped by Dassault Systems, was used for the three-dimensional FEA. The assumed geometric 
parameters for the numerical model are shown in Table 1. 


Compressible layer 
= Soft rock mass 


Backfill material 


Over excavation gap 


$ Deformation 
Tail skin 


Compressible layer Segment 


Precast concrete segment YA 
Seal gasket 


Symmetry axis Tunnel advance 


Figure 2. Schematic diagram of a simplified numerical model components; (a) Pre-fabricated composite 
segment (b) Longitudinal profile of TBM tunnelling with composite segmental lining. 


Table 1. Geometric parameters assumed in the 
simplified numerical model. 


Parameter Value [m] 
Boring diameter 10 

Depth of cover 100 
Length of shield 9 
Thickness of backfill material 0.10 
Thickness of compressible layer 0.05 
Thickness of segmental lining 0.35 


2.1 Modeling of the soft rock 


This study modeled soft rock as a three-dimensional solid element of linear elastic and per- 
fectly plastic material that satisfies the Mohr-Coulomb failure criterion. Table 2 shows the 
modified assumed values based on the representative physical properties of soft rock. The 
main purpose of this numerical analysis is to investigate the effect of the elastic modulus 
among various geotechnical factors that affect the stiffness of the ground. Therefore, three 
ground conditions with different stiffnesses were considered, including 6 GPa close to hard 
rock and 1 GPa close to weathered rock based on 2 GPa. To analyze the short-term stability 
and simplify the analysis, the ground was assumed to be homogeneous and isotropic, and 
time-dependent behaviors such as consolidation, creep, and squeezing were ignored. In add- 
ition, to minimize the occurrence of errors due to boundary condition setting, the ground 
model was set to have a width of 2(H+4D), a length of (H+3D), and a height of (H+4D) 
(Moeinossadat and Ahangari, 2019). A roller boundary condition was applied to them. 
A fixed support boundary condition was set to the base (Figure 3). 


2.2 Modeling of the structural elements 


The structural elements consisted of concrete segments, shield, and backfill material, all mod- 
eled as three-dimensional solid elements of linear elastic material. The physical properties of 
the structural elements used are shown in Table 3, and the change in stiffness over time of the 
backfill material is not considered. Joints between concrete segments were not considered, and 
the segmental lining was assumed to be a continuum ring. 
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Table 2. Assumed physical properties 
of soft rock. 


Parameter Value 


Cohesion [MPa] 2.0 
Density [kg/m3] 2500 
Dilatancy angle [°] 10 
Young’s modulus [GPa] 1, 2, 6 
Internal friction angle [°] 30 


Poisson’s ratio 0.3 


nS AN 
Lining ~ 


140m 


Compressible layer 
(a) (b) 


Figure 3. Schematic diagram of a finite element mesh; (a) Ground part (b) Composite segment part. 


Table 3. Physical properties of structural elements. 


Density [kg/m°] Young’s modulus [GPa] Poisson’s ratio 
Concrete segment 2400 27 0.20 
Shield 7840 200 0.25 
Backfill material 1200 1 0.25 


*Source: Data from Moeinossadat and Ahangari (2019) 


2.3 Modeling of the compressible layer 


To simulate the compressive layer applied to the extrados of the segment, the experimental 
study results on the radial stress-strain behavior of the polyurethane (PU) layer, which is a high- 
compressibility material, were used. In the numerical model, the compressible layer was assumed 
to be an isotropic elasto-plastic material with the physical properties shown in Table 4. 


Table 4. Physical properties of PU. 


Parameter Value 


Density [kg/m3] 100 
Deformation capacity [%] 52.6 
Poisson’s ratio 0.4 
Young’s modulus [MPa] 17.2 
Yielding stress [MPa] 1.504 


*Source: Data from Tian et al. (2021) 


2.4 Modeling of the tunnelling sequence 


The excavation is performed continuously, but in this numerical analysis, the step sequence 
shown in Figure 4 was assumed and modeled by deactivating the ground element correspond- 
ing to the ring span and activating the structural element, compressible layer, and contact con- 
dition. At this time, in order to consider only the effect of the compressible layer, the backfill 
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material injection pressure was not considered. The face support can be simulated by applying 
stress in the normal direction to the node of the tunnel face. It can be described by the FPR 
parameter, which is the ratio of the magnitude of the face pressure to the horizontal total 
earth pressure. FPR can be considered an operational factor affecting face stability and 
ground settlement during excavation. In this study, numerical analysis was performed for the 
case of an FPR of 1.0 to minimize the effect of face pressure. Accordingly, it was assumed 
that a distributed load equal to the initial horizontal earth pressure, which increases linearly 
with depth, is applied to the tunnel face. As a contact condition, the “hard contact” algorithm 
was used and considered by activating the contact pressure as soon as two adjacent surfaces 
were in contact. The friction behavior due to shear between the contact surfaces can be 
described by applying the friction coefficient. However, the primary purpose of this numerical 
analysis is to identify the mutual relationship between the surrounding ground, compressible 
layer, and lining. Therefore, only the frictionless condition was considered by assigning 0 to 
the friction coefficient so that the friction does not affect the surrounding ground and lining. 


Apply geostatic stress and gravity 
Deactivation all except ground 


Excavation for a ring (Deactivation ground) 


Face pressure applied on the tunnel face and TBM generated (Reactivation shield) 


Composite segment assembly performed (Reactivation Lining) 


Face pressure 
eliminated 


Figure 4. Flowchart of shield TBM tunnelling sequence using composite segment. 


2.5 Case configuration for parametric study 


In this study, a parameter study was conducted with the thickness ratio of the compressible 
layer and the backfill material and the stiffness of the ground and backfill material as major 
factors. Therefore, each thickness was determined so that the combined thickness of the com- 
pressible layer and backfill is 0.15 m, which is the size of the gap between the shield and the 
concrete segment. To consider the ground conditions between soft rock and weathered rock, 
Young’s modulus of the rock was set to 1, 2, and 6 GPa. In addition, to investigate the effect 
of various backfill materials, Young’s modulus was set to 0.1, 0.5, and 1 GPa. 


3 RESULTS AND ANALYSIS 


3.1 Effect of thickness ratio on segmental lining 


The effect on the lining can be evaluated by changes in radial pressure or circumferential 
stress applied to the lining. In this study, the radial pressure was described through the contact 
pressure at the intersection between the ground and composite segment parts. The internal 
stress was expressed through the Von Mises stress of the lining part. From the CCM, an 
increase in tunnel wall displacement leads to a decrease in support pressure, which was con- 
firmed through a reduction in contact pressure. Therefore, in Sections 3.1 to 3.3, the change in 
lining internal stress due to the compressive layer was mainly analyzed. In addition, the back- 
fill material, which has a linear elastic behavior, cannot be fully utilized as a yielding support 
because its deformability is not high, but it can be considered together with a compressible 
layer when the elastic modulus is significantly low. In Section 3.1, the effect of the 
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compressible layer thickness was evaluated, and in Section 3.3, the effect of the stiffness of the 
backfill material was qualitatively analyzed. 

Figure 5a shows the maximum internal stress change applied to the segmental lining 
installed behind according to the TBM excavation distance. Figure 5b shows the maximum 
stress when the TBM advanced by a distance of 10 rings. As a result, it was found that as the 
thickness of the compressible layer increased, the stress applied to the segmental lining 
decreased. This means that when materials with the same deformation capacity are used, the 
thicker the layer, the greater the displacement of the ground can be allowed, which means that 
the stress reduction effect of the lining is more significant. 
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Figure 5. Maximum stress change in the segmental lining; (a) according to the distance from the TBM; 
(b) according to the thickness ratio. 


3.2 Effect of stiffness of rock on segmental lining 


The maximum stress change of segmental lining according to Young’s modulus of rock is 
depicted in Figure 6. It was found that the lower the stiffness of the rock, the higher the stress 
applied to the lining. This indicates that softer rock with a lower elastic modulus causes more 
significant deformation in the elastic range, thereby increasing the stress on the lining. Conse- 
quently, when the elastic modulus of the rock is small at great depth, the stress of the ground 
should be relieved by using a thick layer or a large deformation capacity. 
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Figure 6. Maximum stress change in the segmental lining; (a) according to the distance from the TBM; 
(b) according to the elastic modulus of rock. 


3.3 Effect of stiffness of backfill material on segmental lining 


In this study, a backfill material was considered to improve adhesion to the ground and con- 
structability. And the effect on the stiffness change of the backfill material was investigated 
through the elastic modulus change. Figure 7 shows the maximum stress change in the segmen- 
tal lining as a function of Young’s modulus of the backfill material. As a result, it was observed 
that the segment lining is subjected to greater stress when the stiffness of the backfill material is 
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high. This means that when the stiffness is high, the backfill material limits the deformation of 
the ground, reducing the effect of allowing ground displacement through the compressible layer. 
Nevertheless, it was confirmed that if the stress concentration of the segmental lining could not 
be resolved due to the spatial constraint of the gap or the limitation of the compressible layer 
material, it could be resolved by designing the stiffness of the backfill material together. 


Tunnel lining stress [MPa] 
Tunnel lining stress [MPa] 


0 0.5 l 
Distance from back TBM [m] Elastic modulus of backfill material [GPa] 


(a) (b) 


Figure 7. Maximum stress change in the segmental lining; (a) according to the distance from the TBM; 
(b) according to the elastic modulus of backfill material. 


3.4 Effect of compressible layer on surrounding ground 


The plastic deformation of the compressible layer increased the internal displacement of the sur- 
rounding ground. In this process, the maximum principal stress of the ground decreases, and it 
relaxes. Contact stress of the ground tends to decrease as the compressive layer thickness 
increases, indicating that the radial pressure applied to the lining decreases (Figure 8a). And the 
same trend was also observed regarding rock and backfill material stiffness change. However, 
Von Mises stress tends to increase in the opposite direction (Figure 8b). This indicates that the 
compressible layer changes the boundary condition, causing the area of the plastic ring formed 
around the tunnel to widen and the plastic strain to increase. Therefore, while designing 
a compressible layer for the ground with a higher rock cover or lower elastic modulus, the safety 
factor for the magnitude of the plastic strain of the surrounding ground must be considered. 
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Figure 8. Effect of the thickness of the compressible layer on the surrounding ground; (a) change in 
contact pressure; (b) change in Von Mises stress. 


4 CONCLUSIONS 


In this study, the effect of the thickness ratio of compressible layer and backfill material and 
the stiffness of rock and backfill material on the segmental lining and the surrounding ground 
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was qualitatively analyzed using a simplified FEM model during shield TBM tunnelling in 
deep soft rock. The results of this study can be summarized as follows. 


— It was confirmed that the compressible layer with the yielding phase allowed tunnel wall 
displacement after excavation to relax the ground stress and reduce the external rock load 
applied to the lining. When the compression layer was thick, rock stiffness is large, and the 
backfill stiffness is low, the ground is more relaxed and the radial pressure on the lining was 
reduced. 

— However, an increase in the size of the plastic ring formed around the tunnel and an 
increase in the plastic strain were confirmed, indicating that excessive plastic deformation 
may occur in the ground where the elastic modulus of the rock is significantly low or where 
the initial stress is high due to a high rock cover. 

— Therefore, when designing a compressible layer, the strength of the rock should be con- 
sidered, the thickness and material should be selected by considering the safety factor of the 
plastic strain of the surrounding ground, and the stiffness of the backfill material should be 
considered simultaneously. 


ACKNOWLEDGEMENTS 


This research was supported by UNDERGROUND CITY OF THE FUTURE program 
funded by the Ministry of Science and ICT. The first, second and third authors are supported 
by the Innovated Talent Education Program for Smart City from MOLIT. 


REFERENCES 


Anagnostou, G. & Cantieni, L. Design and analysis of yielding support in squeezing ground. 11th ISRM 
Congress, 2007. OnePetro. 

Cantieni, L. & Anagnostou, G. 2009. The interaction between yielding supports and squeezing ground. 
Tunnelling and Underground Space Technology, 24, 309-322. 

Do, D.-P., Vu, M.-N., Tran, N.-T. & Armand, G. 2021. Closed-Form Solution and Reliability Analysis 
of Deep Tunnel Supported by a Concrete Liner and a Covered Compressible Layer Within the Visco- 
elastic Burger Rock. Rock Mechanics and Rock Engineering, 54, 2311-2334. 

Hoek, E. & Marinos, P. Tunnelling in overstressed rock. ISRM Regional Symposium-EUROCK 2009, 
2009. OnePetro. 

Hu, X.-Y., He, C., Lai, X.-H., Walton, G. & Xu, G.-W. 2020. Study on the interaction between squeez- 
ing ground and yielding supports with different yielding materials. Tunnelling and Underground Space 
Technology, 97. 

Mezger, F., Ramoni, M. & Anagnostou, G. 2018. Options for deformable segmental lining systems for 
tunnelling in squeezing rock. Tunnelling and Underground Space Technology, 76, 64-75. 

Mezger, F., Ramoni, M., Anagnostou, G., Dimitrakopoulos, A. & Meystre, N. 2017. Evaluation of 
higher capacity segmental lining systems when tunnelling in squeezing rock. Tunnelling and Under- 
ground Space Technology, 65, 200-214. 

Moeinossadat, S. R. & Ahangari, K. 2019. Estimating maximum surface settlement due to EPBM tunnel- 
ling by Numerical-Intelligent approach — A case study: Tehran subway line 7. Transportation Geotech- 
nics, 18, 92-102. 

Ramoni, M. & Anagnostou, G. 2010a. The Interaction Between Shield, Ground and Tunnel Support in 
TBM Tunnelling Through Squeezing Ground. Rock Mechanics and Rock Engineering, 44, 37-61. 

Ramoni, M. & Anagnostou, G. 2010b. Tunnel boring machines under squeezing conditions. Tunnelling 
and Underground Space Technology, 25, 139-157. 

Tian, Y., Chen, W. Z., Tian, H. M., Tan, X. J., Li, Z. & Lei, J. 2021. Parameter design of yielding layers 
for squeezing tunnels. Tunnelling and Underground Space Technology, 108. 

Wu, K., Shao, Z., Qin, S., Wei, W. & Chu, Z. 2021. A critical review on the performance of yielding 
supports in squeezing tunnels. Tunnelling and Underground Space Technology, 115. 


1395 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


A study on the wear and replacement characteristics of the large 
diameter EPB Shield TBM disc cutter through field data analysis 


J.S. Park 
Hoban E&C., Seoul, The Republic of Korea 


K.I. Song 
Inha University, Incheon, The Republic of Korea 


T.Y. Ko 
Kangwon national University, Kangwon, The Republic of Korea 


ABSTRACT: The disc cutter and cutter bit, which are the most important factors to increase 
the excavation efficiency of a TBM, are key factors in the design and construction of the cutter 
head. The suitability of arrangement, spacing, number, size and material of disc cutters for 
given ground conditions determine the success or failure of TBM construction. The disc cutter, 
which is a representative consumable part in TBM construction, can cause enormous disruption 
to the construction cost as well as the construction cost, unless accurate prediction of wear and 
replacement cycle is accompanied. In this study, based on the field disc cutter replacement data 
of the earth pressure type shield TBM (EPB Shield TBM), which is a type of shield TBM that is 
typically applied in Korea, the ground conditions, field conditions, and excavation data with 
the wear prediction model various correlations were analyzed through comparison. 


1 INTRODUCTION 


Disc cutters should be carefully selected and applied according to the geological conditions of 
the site. This is because not only the excavation efficiency but also the delay of the construction 
period and an increase in the construction cost when a disc cutter trouble occurs (Wang et al., 
2017). Wang et al. (2017) analyzed that the maintenance and replacement cost of cutterhead 
and cutting tools in TBM accounts for 20-40% of the total time and construction cost of tunnel 
construction (2017), Zhaohuang (2007) reviewed that the time required for periodic inspection, 
replacement and repair of disc cutters in the Qinling tunnel in China was more than 1/3 of the 
total tunnel construction period. Among the wear prediction models that are representatively 
known in Korea, a CSM model that calculates the lifetime of the disk cutter through the max- 
imum linear distance until the disk cutter is worn and replaced, Gehring model expressing the 
relationship between CAI and mass worn at 1m rotation distance of disc cutter in mg/m, the 
NTNU model used as a method to indirectly calculate the wear amount of the disc cutter 
through SJ, S39, and AVS tests was compared and analyzed with actual construction site data. 


2 DISC CUTTER WEAR MECHANISM 

Disc cutter wear is the continuous removal of surface material due to the relative motion between 
two objects in contact (Wen et al., 2018). Wu et al. (2017) reported that disc cutter wear is caused 
by sliding between the cutter and the rock and classified into normal wear and abnormal wear. 
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Ren at al., (2018) classified the wear of disc cutters into three categories, including normal wear, 
abnormal wear, and brittle fracture of the edge of the disc cutter. In general, normal wear is caused 
by the low hardness of the disc cutter against the rock, and the wear of the surface is approximately 
uniform. If the disk cutter wear exceeds the specified value and the disk cutter does not rotate, it is 
classified as abnormal wear. Abnormal wear is severe local wear due to uneven wear of cutter ring 
or severe local wear caused by cutter ring detachment or displacement, and is generally accompan- 
ied by brittle fracture of cutter. In addition, rapid rotational performance degradation or inability 
may occur due to the lack of wear resistance of the disc cutter. Wen et al., (2018) classified the 
wear patterns caused by contact friction between the disc cutter and rock into four mechanisms: 
abrasive wear, adhesive wear, fatigue wear, and corrosive wear, as shown in Table 1. 

Figure. 1 Shows the worn shape of the disc cutter by comparing it with normal wear and 
abnormal wear. 


Table 1. The number of officially reported plague cases in the world. 


Wear type Schematics Description 

Abrasion Exfoliation of surface material due to hard particles or convex parts 
wear during the friction process 

Adhesion The knot formed by adhesion is either fractured or removed when 
wear the friction pair slides 

Fatigue Fatigue fracture and spalling of the surface materials under the 
wear action of the periodic variation in the contact stress 


Corrosive oxygen 
wear 


® 2 Surface damage due to chemical or electrochemical reactions of 
@ oo metals with sur-rounding media 


3 THE SITE AND EPB SHIELD TBM OVERVIEW 


3.1 The site overviews 


The site is a subway site in downtown Seoul, and the length of the Shield TBM tunnel is 
1,273.9m based on the downlink, and the diameter of the Shield TBM excavation is 
7.850 m in consideration of the construction limits and design standards of the subway tunnel. 


3.2 The main specification of EPB shield TBM 


The main specifications of the earth pressure shield TBM equipment are shown in Figure 4 
and Table 2. Since the cover height of the tunnel was not high, the excavation surface pressure 
was within 1.5 Bar and the earth pressure shield TBM was applied to minimize ground facil- 
ities in consideration of the complex urban site conditions. 
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Abrasive wear / Tapering/ i ; 
Normal wear Grooving Mushrooming Blockage Brittle fracture 
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Figure 1. Typical macroscopic wear of TBM disc cutter (Ellescosta et al. 2018). 


W TTA 
ea nel i 


Figure 3. Geological profile along subway section. 


Figure 4. Photograph of EPB Shield TBM’S front and back. 


4 DISC CUTTER TEST DATA AND WEAR LOCATION SELECTION 


4.1 Lab test data 


Table 3 shows the results of S20 and SJ AVS tests for disc cutter replacement. CLI values 
ranged from 6.1 to 8.1, yielding a value below the normal grade, which is evaluated as low 
grade when the main carcinoma of the site being studied is gneiss. 
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Table 2. Main specification of TBM. 


Classification Specification Classification Specification 
TBM type EPB shield Excavation layer Composite 
ground 
Shield body Exca dia (mm) 7930 Main dive Motor (EA) 8 
Shield dia (mm) 7850 RPM 0-3 
Length(mm) 8800 Torque 4600-9500 
(kNm) 
Shield jack Number (EA) 28 Screw conveyor dia (mm) 900 
Unit thrust 2079 Type of erector Pin type 
(KN) 
Total thrust 58,212 Backfill line (EA) 4+4 (spare) 
(KN) 
Stroke (mm) 1800 Tail skin brush (units) 3 
Opening ratio 37% Man lock (unit) 1 


Table 3. Lab test for disc cutter wear rate analysis (Detailed design report, 2011). 


Siever’s J-value test Abrasion Value test 


Classification Brittle test(S29) (SJ) (AVS) 
Test value 33.3~36.7 0.8~1.5 7.0~6.0 
Analysis Calculation: DRI = 19~27.5 and CLI = 6.1~8.1 


All of the disc cutters of the equipment are 17-inch disc cutters, and a total of 55 disc cutters 
(8 center cutters, 45 face cutters, 2 gauge cutters) and 110 cutter bits are arranged in the cutter 
head. The disc cutter for measuring the depth of wear was selected for the disc cutter with 
normal wear and is shown in Figure 5. Table 4 shows the wear limit of the disc cutter by loca- 


tion suggested by the manufacturer. 


POLLED CUTTER ROLLER CUTTER 


DS ) A BEGTION POA 
Gx d i) Z p7 L 
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Figure 5. Disc cutter numbering and limits of wear depth. 


Table 4. Critical wear depth suggested by manufacturer. 
Classification Gauge cutter (G1, G2) Face cutter (1~45) Center cutter (1~8) 


Wear Depth 10 mm 20 mm 20 mm 
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5 COMPARISON WITH WEAR PREDICTION MODEL 


At the EPB shield TBM site, the subject of this study, an experiment was performed to predict 
the advance rate and the life of the disc cutter through the NTNU model, and the test results 
are described in Table 3. However, in the CSM model and the Gehring model, the CAI calcu- 
lation is important because all result values are organically correlated according to the CAI 
calculation. In this study, raw data of Ko et al. (2016) was used for CAI calculation like EPB 
shield TBM field. The main type of rock in this section was gneiss, and raw data was reviewed 
including data from schist, which is a similar carcinoma of metamorphic rock, due to insuffi- 
cient data for only gneiss. Also, it was possible to compare the disc cutter replacement data on 
the geological schematic by dividing it into sections according to the strength of the UCS. The 
UCS of the disc cutter replacement section was studied by classifying it into 30 ~ 70 MPa, 70 
~ 118 MPa, and 118 MPa or more. Table 5 shows the main specifications and geology charac- 
teristics of TBM equipment required for each model. 

Table 6 shows the volume calculation formulas and features that can be excavated by one 
disc cutter applied to the CSM model, Gehring model, and NTNU model. Table 7 shows the 
field data and the results of each model. 


Table 5. TBM data and ground properties required for Disc cutter wear prediction model. 


TBM Specification Parameters Rock mass properties Parameters 
Exca dia(m) 7.93 Rock type Gneiss, Schist 
Exca area(m?) 49.39 UCS(MPa) 30~70, 70~118, 118< 
Q%) 33.4(31.6~36.1) 
Number of disc cutter 55 CAI 2.76, 2.96, 3.31 
(ea) Gauge:2, Face:45, Center:8 CLI 7.1(6.1~8.1) 
DRI 29.0(26.0~32.0) 
Cutter size(mm) 432(17inch) S20 35.0(33.3~36.7) 
Cutter space(mm) 90 SJ 1.15(0.8~1.5) 
Penetration depth(mm) 6.67 AVS 6.5(6.0~7.0) 


Table 6. Application of penetration depth in theoretical and wear prediction model. 


Classification Description Remark 

CSM Model Hy = 2. U, - 700" Don (m3 /c) Effect of disc cutter excavation volume 

Gehring Model H; = AEP?" (43 / c) Effect of disc cutter excavation volume 
4-D-Vs: 

NTNU Model h= io - RPM- 6) (m/h) Calculation of net penetration with RPM 


Table 7. Field data and excavation volume (Hy m*/c) by disc cutter wear model. 


UCS (MPa) Field data CSM Gehring NTNU 

30~70 (L=205.2m) 181.1 254.3 280.2 182.4~192.1 
70~100 (L=614.4m) 530.0 237.1 244.8 182.4~192.1 
100 < (L=91.2m) 139.7 212.1 197.3 182.4~192.1 


As a result of the analysis, it was confirmed that the wear amount of the disc cutter increased 
and the excavation volume decreased as the UCS increased. The factor that affects all 3 models is 
the penetration depth(p), The CSM model and Gehring applied CAI in terms of different rotation 
distances and masses as the model changes the 0.6D position of the disc cutter according to the 
CAI. In the case of the NTNU model, the reason that the wear amount does not show a large 
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difference is because CLI and Qç were calculated as sections with no large fluctuations. However, 
the UCS with similar results of the three models was analyzed as a section of 100 MPa or more. 
According to the field data, the section with the least amount of wear of the disc cutter is 
the UCS 70~100MPa section, which is analyzed to have passed through the strong weathered 
rock~soft rock section with a homogeneous bedrock condition. It is analyzed that the consump- 
tion of the disk cutter was high due to the passage of some alluvial layers in the 30-70 MPa sec- 
tion. It was analyzed that the section with the largest UCS of 100 MPa or more was the section 
that passed from hard rock to ultra hard rock and consumed the most disc cutters. In addition, 
Figure 6 shows the wear depth for each position of the disc cutter mounted on the cutter head 
according to the ground conditions. It was measured that the wear of the face cutter in the 
0.69~094D position of the inner cutter zone was more severe than that of the outermost gauge 
cutter. As a result, the trajectory of the disc cutter rotating on the cutter head is the outermost 
gauge cutter in the transition cutter zone. However, it is analyzed that the face cutter in the inner 
cutter zone has greater vertical and rotational forces acting on the disc cutter than the 
gauge cutter. 


Figure 6. Depth of wear by disc cutter location according to geological conditions. 


6 CONCLUSION 


First, when comparing the overseas prediction model with field data, similar results were 
investigated for the CSM model, Gehring model, and NTNU model in the section of UCS 100 
MPa or more. CSM model and Gehring model affected by CAI showed approximate wear 
amount even at UCS 30~70MPa and 70~100MPa. The reason why there was no change in the 
large difference in the wear amount of the NTNU model is that the CLI field test results 
showed that there was no significant deviation between 6.1~8.1. It is analyzed that it is because 
the quartz content of 31.6~36.1 did not show a large deviation due to the characteristics of the 
NTNU model, which had an effect on the quartz content. 

Second, in overseas prediction models, penetration depth (p) and RPM are factors that dir- 
ectly affect the amount of wear (H,), and the increase in penetration depth and RPM was lin- 
early proportional to the amount of wear. Penetration depth and RPM can automatically 
adjust the thrust and torque displayed on the on-site instrument panel according to Shield 
TBM’s manual, but it was analyzed that attention in the field is also required as a factor that 
can change depending on the operator’s operating style. 

Third, it is generally known that the wear of gauge cutters and center cutters is greater than 
that of face cutters. As a result of the analysis in this study section, it was analyzed that the 
outer face cutter (0.69~0.94D) had more severe wear. It is analyzed that this is due to the 
arrangement and spacing of the face cutter, which responds at right angles to the excavation 
surface and receives the thrust of the rear half and acts thrust and rotational forces. 
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Estimation of face pressure based on empirical and numerical 
methods in mechanized tunnelling 
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ABSTRACT: The most important issue to be considered during the tunnel construction is 
to be ensure the excavation stability. In EPB TBM method, the face support pressure is one of 
the effective way to provide excavation stability. The aim of this study is to calculate the face 
support pressure of TBM excavation carried out in soft ground conditions as part of a metro 
line passing through an urban area in Istanbul, Turkey, by using different empirical and 
numerical methods. The results obtained from these different approaches were compared and 
discussed. Results show that empirical methods may give different values based on the 
assumptions made. However, almost all empirical approaches are in good agreement with the 
numerical method. Moreover, it has been shown that when the face support pressure, whose 
purpose is to reduce the deformations caused by excavation, is applied less or excessively as 
a result of calculation error, it causes the deformations to increase. 


1 INTRODUCTION 


The rapidly increasing population and heavy traffic in cities have led societies to development 
different transportation alternatives such as subways. Nowadays, the tunnels that are compo- 
nents of these subway systems are excavated by different methods. Regardless of the excavation 
method, one of the most important issues when constructing these underground tunnels is to be 
ensure the stability of the excavation face during the construction process because unstable exca- 
vations can cause excessive deformations around the tunnel and at the surface. Especially in 
urban areas, these extreme deformations can cause vital damage to the surface structures. 

In the EPB (Earth Balance Pressure) TBM method continuous support is provided to the 
tunnel face by using freshly excavated soil that fills the working chamber under pressure to 
ensure the stability of the excavation face (Nishitake 1990, Fujita 1981). This face pressure is 
provided by keeping under control the incoming and outgoing excavated soil in the chamber 
via the screw conveyor’s rotation speed (Nazir et al. 2014). In this way, the stability of the 
tunnel excavation face is provided substantially. 

However, to be sure that applied face pressure works correctly, the accurate calculation of 
the face pressure is critical. For instance, Kim et al. (2018) have shown that excessive pressure 
applied to the excavation face causes an increase in the settlements instead of decrease. 

For the calculation of face pressure, many empirical and analytical studies, methods have 
been provided. For instance, Broms & Bennemark (1967) showed a relation between the sta- 
bility ratio (N) calculated for vertical openings located under undrained conditions and min- 
imum face pressure. Unlike Broms & Bennemark (1967), Atkinson & Potts (1977) have 
studied permeable units to predict minimum face support pressure. Anagnostou & Kovari 
(1994) also provided a study based on the silo theory and 3D sliding mechanism model 
(Guglielmetti et al. 2007). The study has been carried out in drained conditions for Earth Pres- 
sure Balance (EPB) TBM. The relationship between the water pressure and required face pres- 
sure has been shown. Accordingly, it has been indicated that if the water level difference 
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between the excavation chamber and surrounding soil is higher, the required support pressure 
increases and this situation directly impacts the excavation efficiency. That’s why it has been 
suggested that the water level difference between the chamber and surrounding soil should be 
kept as small as possible (Anagnostou & Kovari 1994). In addition to these published 
resources, numerical models and analyzes that have become widespread in parallel with tech- 
nology have also been provided by Bernat et al. (1998), Komiya et al. (1999), Dias et al. 
(2000), Rostami et al. (2016) to evaluate required face support pressure. 

However, studies that are carried out to investigate face support pressure under soft ground con- 
ditions are generally performed for shallow tunnels (C<2D) and based on one approach. Also, the 
investigations whose aim is the comparison of the different approaches are partially inadequate. 

The aim of this paper is to predict the required face support pressure for deep tunnel exca- 
vation (C>3D) via EPB TBM under soft ground conditions. While calculating face pressure, 
five different empirical and analytical approaches were used. Besides them, the numerical ana- 
lysis based on the finite element method was performed via Plaxis 3D. Lastly, the results gath- 
ered from all different approaches have been compared. The study was carried out based on 
the ongoing subway project on the European side of Istanbul. 


2 PROJECT DESCRIPTION 


2.1 Project overview and soil conditions 


The metro line that will be a part of Istanbul subway system is located on the European side, 
where the soil condition is weaker than the Anatolian side. In addition to the stations and cross 
passages, the line, which consists of two tubes, is planned to be approximately 7.0 km long. 
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Figure 1. Studied part of metro line. Figure 2. Geological profile. 


In this study a certain part of the route (approximately 230 meters) that evaluated as critical 
for the TBM passage due to geological conditions has been examined instead of the entire 
route. As shown in Figure 1, the site examined in this paper is an urban area. In addition, the 
tunnels pass under or very close to buildings in some locations. 

As geologically the Cukurcesme formation containing sand, gravelly sand, and the units of 
Güngören member with clay and silt are observed in the part that was examined as a scope of 
this paper. Field tests and laboratory tests were carried out to determine the geological profile, 
strength parameters of the units and also, groundwater level. 

Based on the results of these field and laboratory tests, the geological profile and the 
strength parameters of units have provided in Figure 2 and Table 1, respectively. In the rele- 
vant area, the tunnel excavation proceeds below the phreatic surface and the groundwater 
level varies between 13-19.0m. Also the cover depth on tunnel is between 23.5-31.7m. 


2.2 TBM and tunnel lining specifications 
The table that includes the properties of TBM and tunnel lining has been given in Table 2. 
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Table 1. Summary of soil parameters. 


Yy cu c’ O E y cu c’ O E 
Units (kN/m3) (kPa) (kPa) (°) (MPa) Units (kN/m3) (kPa) (kPa) (°) (MPa) 
Barth. jg - 5 26 10 Sand 19 : 5 33-65 
Fill 
Clay-1 18 100 5 27 25 Clayey 18 : 15 32 60 
Sand 
Clay-2 18 180 10 28 50 Gravelly ag = 1 35 90 
Sand 
Table 2. TBM and lining specifications. 
Tunnel Lining 
Excavation Modes EPB Length of Back-Up 80.0 m Configuration 5 pe.+1 key 
Cut Diameter 6568 mm Weight of TBM 400 ton Outside Diameter 6300 mm 
Bore Diameter 6543 mm Weight of Back-Up 163 ton Inside Diameter 5700 mm 
Shield Diameter 6530mm Total Maximum Thrust 40000kN Length 1500 mm 
Length of TBM 10.6 m Exceptional Maximum 48000 kN 


Thrust 


3 METHODOLOGY 


The methodology followed in line with the aim of the paper is given below. The details of the 
approaches that will be used to calculate required face support pressure has been provided below. 


Step-1: To calculate required face pressure based on empirical and analytical approaches 
(Calculations will be made by repeating for every 20m along the studied line). 


Step-2: Comparison of the results obtained at the end of Step-1 within themselves. 


Step-3: Calculation of the required face pressure based on numerical analysis via Plaxis 3D. 


Step-4: Comparison and discussion of the results that have been obtained from the empirical 
and numerical studies (Step-1 and Step-3). 


3.1 Empirical approaches 


In the calculating process of the face pressure, five different methods have been considered. 
Since these results will be compared with the numerical analysis, the studies which provide 
empiric formulas as a result of numerical analysis have also been selected to use as a face pres- 
sure calculating method. The details of the methods have been provided below. 


3.1.1 Method-1 (Jancsecz & Steiner Method) 

To predict required face pressure in tunnel excavation the limit equilibrium method developed 
by Jancsecz & Steiner (1994) has been considered. It is based on the silo theory that consist of 
two parts which are soil silo and the soil wedge, similar to the Anagnostou & Kovari (1996) 
calculation method. The 3D failure model and Terzaghi arching theory are taken into account. 


sinBcosB — cos?f * tan — *¢ cosBtan 
cosPsinB + tan@sin2B 


(1) 


Ka; = 
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where; 


1 — sin + tan? (45 — $) 


SS 5 (2) 
_14+3C/D 
oT +2C/D (3) 
C\? 2C 
B= 06(5) D + 0.420 + 52.1 (4) 


where C is the cover depth and D is the tunnel diameter. After calculated K43, the required 
face support pressure has been calculated with following equation. 


oT — Ka3|(H hw)Ynat hw (Ynat rw) H hw*yw (5) 


where H is the overburden height, hw is the water level from tunnel axis, y,,; 1s the unit weight 
of the soil, y,, is the unit weight of the water. 


3.1.2 Method 2 (Anagnostou Method, 2012) 

After Anagnostou & Kovari (1994, 1996) presented their work based on the silo theory for 
estimating the required face support pressure, the extended study by Anagnostou, G. (2012) 
was published. The study focused on the effect of horizontal stresses on the stability of the 
tunnel face and presented an alternative model based on the slice method compatible with 
Anagnostou, G. & Kovari, K. (1994, 1996). Consistent with the silo theorem, this study pro- 
poses a simple formulation to calculate the required surface support pressure without making 
any prior assumptions about the distribution of horizontal stresses. 


s= 0.05(cot®)'yD — cot x c (6) 


3.1.3 Method 3 (Vermeer et al. Method, 2002) 

Another study adopted to calculate required face pressure has been provided by Vermeer 
et al. (2002). The study based on Equation 7 which was suggested by Atkinson & Mair (1981), 
has been carried out for both Sprayed Concrete and TBM methods (consideration of the 
tunnel shape) under the soil and soft rock conditions via numerical analysis. Suggested face 
pressure calculation formulas as a result of numerical analysis are given below. 


ot = 0,F; + yDF, (7) 
oy = —CF, + oF; + yDF, (8) 


where c is the effective cohesion, Fc is the cohesion stability factor, o, is a surcharge load, Fs 
is the surcharge stability factor, y is the unit weight of soil, D is the diameter of the tunnel, 
and F, id the soil weight stability factor. Unlike Atkinson & Mair and Anagnostou & Kovari, 
it is suggested that the surcharge load can be ignored based on the study results. In this situ- 
ation, the formulas to predict required face pressure are as follows: 


o = —cN. + yDN, (9) 
where; 
te BOS Nett) (10, 11) 
“Otan(y) OP 
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where Nc is the cohesion stability factor, N, is the soil weight stability factor and ¢’ is the 
frictional angle. 


3.1.4 Method 4 (COB-Dutch Centre Onderground Bowen) 

COB method is another approach provided as a result of many numerical and analytical 
investigations to calculate minimum face support pressure. Studies have been done under soil 
conditions (clay and sand). The analysis models have been created under the conditions of 
whether groundwater flow exists or not. So, the impact of the hydrostatic pressure has been 
taken into account. Based on the study the following formulas have been provided that give 
the minimum required face support pressure a bit higher than active pressure. 


or = ka * o'y — 2cV/ ka + ka *q+u+20kPa (12) 


where, ø'y is effective vertical stress, c is the cohesion; k, is the active earth pressure coefficient; 
q is the surcharge; u is the pore water pressure. 


3.1.5 Method 5 (Shiau et al. Method, 2020) 


@ Fe ø | Fe 


210+tnfS)-2.82: 
Fe = (3.107 +In (5) +7.007 + ¢((-2214+4In(p)-2.828)-tan0) 
D 


c . > 
Fc(UB) = 3.569 *In (5) + 7.464 1 —10 


-0.106+In(55)-0.727) 


c ‘ Š c , 
Fe(LB) = 3.398 *In (5) + 7.199 11 — 20 | Fe=(1.298+ = ei (tan@)' 


Fs 


21° —40°| Fe = (tan@)-* c tein(S 7 
Sane) Fs = (0o34 EST 1069) T n aai tano 


g Fy Fy 


è 267: C\ 4.732 * -1517 
<17 |= (oes . (5) + 0802) + e(-2673+In{p)-4722)+tan0 | > F, = 0.0635 * (tand)“+5*7 


o = —cF, + oF; + yDF,F, (13) 


The final method adopted to calculate face support pressure is the study provided by Shiau & 
Al-Asadi (2020). The study is based on Equations 7 and 8. The aim of the study is to deter- 
mine the lower and upper limits of the tunnel stability factors, which are functions of the 
depth ratio and the internal friction angle, to obtain a realistic value for the tunnel support 
pressure. In this context, the following formulations were suggested as a result of parametric 
studies carried out by 3D numerical analyzes. 


3.2 Numerical modelling and analysis 


In numerical analysis, to find the required face pressure the horizontal stress and water pres- 
sure on the location of the first row of EPB pressure sensors were calculated. Then, the calcu- 
lated horizontal pressures were changed at certain rates, affected to the tunnel face and 
analyzed. Based on the deformations obtained in the analyses, the minimum face pressure 
required has been found. The numerical model sizes have been determined according to the 
suggestion of Lamburghi (2012). Due to the symmetry, the half of the tunnel is used in ana- 
lyses. For the purpose of the article, two different numerical models representing areas with 
high and low cover depths were created to compare numerical analysis results with empirical 
approaches. The idealized profile and properties of the models are given in Figure 3. “Harden- 
ing Soil” was chosen as the constitutive model to simulate soil conditions. TBM and grout are 
modelled as plate elements, the segment is modelled as a volume element. 

The grouting process is modelled on the basis of time-dependent grouting, in which the proper- 
ties of the grout change from a liquid state to a hardened form in a certain period of time. 
According to previous experimental results, the grout turns into its initial hardening form in 
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about 8 hours (Nikakhtar et al. 2020). Considering that the TBM advance rate is approximately 
0.75m/h, the hardening form occurs after 6m, which is equal to four segmental rings. Thus, 
during the erection of the rings, the grout pressure will be gradually reduced, while the grout will 
transform into the simulated hardened form by changing the young modulus and poisson ratio. 
During the analysis, a grout pressure equal to +50 kPa of the face pressure is selected. The prop- 
erties of the structural elements are given below (Table 3). According to TBM specifications, the 
tail of the TBM is approximately 0.4% smaller than the cutter head of the TBM. Contraction 
tools were used to simulate this conicity. Conicity effect was reflected to the model by gradually 
increasing from 0.08% to 0.4% via contraction tools. lso, the segmental ring is modelled as 
a continuous ring. To evaluate the effect of joints tunnel lining stiffness, a reduction factor was 
applied to concrete stiffness (Cheng et al. 2019). 

In the meshing process, considering the accuracy and time of the model solution, the 
medium mesh was chosen by reducing coarseness factor around the tunnel. The construction 
of the tunnelling has been simulated in 77 stages with consideration of the tunnel construction 
process described above. 


65.0 m (H+4D). 


Figure 4. Simulation of tunnel excavation with 


Figure 3. Idealized profile and 3D model : . 
consideration of the face pressure. 


properties. 


Table 3. The properties of the structural elements. 


Unit Weight Elasticity Modulus Poisson’s Thickness 


Material Model (kN/m3) (MPa) Ratio (mm) 
TBM Shield Elastic 78 210000 0.15 13.5 
Segment Linear Elastic 24 32000 0.15 400 
Liquid Grout Elastic 22 5 0.30 13.5 
Hardened Elastic 22 20 0.30 13.5 


Grout 


4 RESULTS AND DISCUSSION 


When the results of the empirical approaches are checked from Table 4, it can be seen that all the 
pressure values obtained are at least 12% above the water pressure. This case is compatible with 
the common knowledge that the minimum face pressure must be higher than the water pressure 
to support the tunnel face. When we compare the results within themselves, the approaches pre- 
sented by Shiau et al. (2020) and Vermeer et al. (2002) gave close face pressure values. In addition, 
it is seen that these results are lower than other approaches. Anagnostou (2012) method, which 
focuses on the effect of horizontal stress on tunnel face stability, showed good agreement with 
Shiau et al. (2020) and Vermeer et al. (2002) methods. 

This proves that, as stated in the literature, the Anagnostou (2012) method gives results that 
are compatible with studies carried out via numerical analysis (Anagnostou 2012). Jancsecz & 
Steiner method, which takes into account the cover depth and the surcharge load, gives 
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a value approximately 10-20% higher than the Shiau et al. (2020), Vermeer et al. (2002) and 
Anagnostou (2012) method where the surcharge load is 0 and the cover depth is maximum. 


Table 4. The result of face pressure calculations via empirical approaches. 


4,0 
3,5 
3,0 
2,5 
2,0 
1,5 
1,0 
0,5 
0,0 


ximum Cover Depth 


ce Pressure (bar) 


— 2 — COB (with arch effect) 
—— ® — Jancsecz and Steiner (1994) (without arch effect) 
— a= — COB (without arch effect) 


Water Pressure 


TBM Axis (m) 
ò 
TBM Axis (m) 
$ 


Deformations at Tunnel Face (uy) (m) 


Deformations at Tunnel Face (uy) (m) — — Hydrostatic Pressure (0.6 bar) 


== — Hydrostatic Pressure (1.8 bar) 0.5ah (1,36 bar) 

0.5ch (2.0 bar) ee | — — 0.75ch (2.0bar) 
== — 0.75ch (3,0bar) | —— — ch (2.7 bar) -s 

C=31.7m P 
— ~ ch (4.0 bar — — 1.25gh (3.4bar) | C=23.5m 
( ) | Ground Water Level = 13.0m cg ( } Ground Water Level = 19.0m 

— — 1.25gh (5.0 bar) Surcharge = 0 kPa 1.5ch (4.0 bar) 
— — 1.5gh (6.0 bar) | — —0.25ch (0.68 bar), Surcharge = 85 kPa 


Figure 5. The deformation changes at the tunnel face based on the applied face pressure. 


However, although the cover thickness is less, this rate rises to 50% in regions where 
a surcharge load is considered due to the surrounding structures. This leads to the conclusion 
that the surcharge effect should be carefully evaluated in studies conducted in an urban area. 
The fifth method released by COB gives the highest face pressure value which is required to 
keep the excavation face stable among all methods. In numerical analysis, two different 
models with represent to different cover depth have been analyzed. According to the results, 
high deformations were observed in the tunnel face when equal pressure to the hydrostatic 
pressure was applied to the tunnel face as the support pressure. At the same time, surface 
deformations were observed at the maximum level at this point. This showed that the applied 
support pressure was insufficient. Then, in order to find the appropriate value, the analysis 
was carried out with a 2.0 bar pressure corresponding to 50% of the total horizontal stresses 
acting on the tunnel face in the region of high overburden load. As a result of the analysis, 
a significant decrease was observed in the deformations at the tunnel face. When the pressure 
acting on the tunnel face is 75%, 100%, 125% and 150% of the horizontal stress, respectively, 
the reduction in the deformations continued until the support pressure of 3.0 bar correspond- 
ing to 75% pressure. When the support pressure was increased to 4.0 bar, it was observed that 
the deformations in the tunnel face increased first. When the increase in the face support 
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pressure continued, it was observed that the deformations also increased at the surface. The 
same situation is valid in the region where the cover depth is minimum. 
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Figure 6. The deformation changes at the surface based on the applied face pressure. 


It was observed that stability was achieved in the tunnel face when a pressure of 0.68 bar, 
which is higher than the water pressure and corresponds to 25% of the total horizontal stresses 
acting on the tunnel face, was applied. Then, the support pressure was increased and it was 
observed that the deformations continued to decrease with a pressure of 2.0 bar. When 
a support pressure of more than 2.0 bar is applied, an increase in deformations was observed 
starting from the tunnel face. As a result, the tunnel excavation stability was achieved with 1.9 
bar in the region with the maximum cover depth and 0.68 bar in the region with the minimum 
cover depth. When the values obtained as a result of the numerical analysis were compared 
with the empirical results, it was seen that the approaches shared by Shiau, et al. (2020), Ver- 
meer et al. (2002) and Anagnostou (2012) and the numerical analysis gave similar face pressure 
values. When the Jancsecz method is compared with the numerical method, the difference is 
15% in the area where there is no surcharge and where the cover depth is high, while this rate is 
over 50% in the area with surcharge. The COB method, on the other hand, was far above the 
numeric analysis results. It is thought that the COB method will give closer face pressure value 
with numerical analysis under shallow tunnel conditions. Also, it has been seen that the numer- 
ical analysis study gives more consistent results with the approaches in which the arching effect 
is taken in empirical methods. 


5 CONCLUSION 


For the purpose of the article, the estimation of the surface pressure in soft soil conditions using 
empirical and numerical approaches and the comparison of the results are presented. Most of 
the results calculated by empirical methods show good agreement with numerical analysis. How- 
ever, the approaches used in empirical studies directly affect the calculated face support pres- 
sure. In line with the results obtained, it is thought that the surcharge load should be carefully 
evaluated, especially in urban areas. On the other hand, it was evaluated that the arch effect 
should be taken into account in order to avoid calculating excessive surface pressure value in 
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C>3D deep tunnel conditions. Because it has been shown that excessive surface pressure causes 
an unstable excavation condition through increased deformations rather than restricting them. 
Also, it is common knowledge that unnecessary high face pressure reduces excavation efficiency 
by extending the excavation time. With additional studies to be made, the compatibility of 
empirical methods with numerical analyzes can be discussed in more detail. 
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ABSTRACT: In this article we will develop and detail all the technical challenges that have been 
taken up on this major project and the technical solutions that have been engineered for the use of 
ultra-high strength steel fibres in these tunnel lining segments. The Grand Paris Express is made of 
four new subway lines in Paris, numbered 15, 16, 17, 18, connected with the existing network, 
extending the lines 11 and 14, totaling of 200 km, 90% of which are underground. Sixty-eight new 
stations are built to accommodate more than two million passengers per day. The whole project will 
cost around 36 billion euros and will be completed in 2030. At the highest activity level, twenty 
TBMs will contemporarily dig the Parisian underground. With the aim to highlight new technolo- 
gies and seeking sources of embedded carbon reduction and an increase in durability, the Société du 
Grand Paris has adopted the usage of the Steel Fibre-Reinforced Concrete for the Tunnel Lining 
Segments. After many investigations and tests, to date, four lots of these extensions have allowed 
for the usage of steel fibres, combining a total length of tracks around 48 km. This proves that this 
technology, which has been used for a long time in many countries, is now also validated in France. 
To achieve the specified mechanical requirements of the lines 16-2, 16-3 and 18-1, the precast con- 
crete segments are exclusively reinforced with the ultra-high tensile strength ArcelorMittal Fibre 
Type: HE++ 90/60. ArcelorMittal, which has been manufacturing and producing steel wire fibers 
for more than 30 years, has supported the customers with its experience and know-how already 
acquired on other major projects abroad like: Doha Metro in Qatar, CrossRail, Thames Tideway 
Tunnel and Long Itchington Wood HS2 in UK, Ejpovice Railway tunnel in Czech Republic, Świ- 
noujscie Road Tunnel in Poland. 


1 INTRODUCTION 


Grand Paris Express project, GPE, will have a positive impact on the urban environment, 
extending the French capital’s metro and light rail network by 200 kilometers, with 68 sta- 
tions. Improving connections between the center of Paris and the surrounding suburbs, the 
GPE is set to improve the local economy and passenger mobility, whilst reducing vehicular 
traffic and air pollution. Although the Steel Fibre-Reinforced Concrete is widely used in 
France in the field of industrial floors and in the shotcrete applications, this technology is still 
a novelty for the tunnel lining segments. The approach of project owners, contractors, engin- 
eering companies and control bodies remains cautious and subject to strict monitoring. The 
experience of the GPE and its first lot where SFRC usage has been approved, has highlighted 
a lack of knowledge on the control process, hence a preliminary study and a restrictive self- 
control plan. Despite that, the technical and economic interest in the use of SFRC for the 
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tunnel lining segments remains an undeniable advantage when compared with the conven- 
tional reinforcement for several reasons: 


e 3-D distribution of fibres in the mix provides reliable tensile strength in all directions. 
°- The load bearing resistance allows the partial or complete substitution of the rebars. 
° Elimination of defects caused by incorrect positioning of traditional rebar. 

e Discontinuous reinforcement — improved corrosion resistance. 

° Tighter aggregate interlock. 


Grand . 
Paris — 
- express 


Figure 1. Grand Paris Express Map (credits: Société du Grand Paris). 


2 PROJECT DESCRIPTION 


Line 16, 17 South and 14 North, between Noisy-le-Grand/ Champs sur Marne and Saint- 
Denis Pleyel, will extend for 29 km entirely underground and will have 9 stations and one 
maintenance site at Aulnay, operational at the end of 2023. The construction cost is estimated 
to be € 3.5 billion. Line 18, between Orly and Versailles, will serve 9 stations over 35 km, 
including 14 km of elevated track and a maintenance site to be built at Palaiseau. The con- 
struction cost amounts to € 2.7 billion. Beside Orly, this line will serve the Massy Palaiseau 
TGV station, to be opened in two stages: in 2024 for the Orly—Saclay cluster portion and 2030 
for the CEA-Versailles portion. ArcelorMittal is supplying AM HE++ 90/60 ultra-high 
strength steel fibres for the lots 2 and 3 of the line 16, and for the lot 01 of the line 18, totaling 
13200 tons. In Table 1, the main relevant geometric data are listed in the below Table 1. 


Table 1. Geometrical data. 


UM Line 16 Lot 2 Line 16 Lot 3 Line 18 Lot 1 
Tunnel length Km 10.70 5.50 11.80 
Inner Diameter meters 8.70 8.70 8.00 
Thickness mm 400 400 400 
Ring length meters 2.00 2.00 2.00 
Segmentation 7+0 7+0 7+0 


3 STANDARDS AND GUIDELINES ADOPTED FOR THE MATERIAL TESTING 
AND CLASSIFICATION 


Many European and International standards are nowadays available for the definition of the 
fibres characteristics and the fibre-reinforced concrete mechanical properties. Focusing on the 
material properties to be checked during the preliminary stage, initial type testing and produc- 
tion control, here below are listed the main relevant ones: 
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Figure 2. Line 16 lot 2 ring transversal section (credits: Société du Grand Paris). 


— EN 14889_2006: Fibres for concrete - Part 1: Steel fibres - Definitions, specifications and 
conformity, 

— EN 14651_2005: Test method for metallic fibered concrete - Measuring the flexural tensile 
strength (limit of proportionality (LOP), residual) 

— Eurocode 0_2006: Basis of structural design. Annex D. Design assisted by testing, 

— RILEM TC 162-TDF_2003: Test and design methods for SFRC. Materials and Structures, 
Vol. 36, 

— ITAtech Report n° 7_2016: Design Guidance for Precast Fibre Reinforced Concrete Seg- 
ments; Vol. 1: Design Aspects, 

— ITAtech Report n° 9_2018: Guideline For Good Practice of Fibre Reinforced Precast Seg- 
ment - Vol. 2: Production Aspects, 

— EN 12350_2019: Testing fresh concrete, 

— EN 12390_2021: Testing hardened concrete, 

— AFTES Recommandations GT38R1F1_2013: La conception, le dimensionnement et la 
réalisation de voussoirs préfabriqués en béton de fibres métalliques, 

— fib Bulletin 83_2017: fib Bulletin 83 - Precast tunnel segments in fibre-reinforced concrete. 
State of the art report, 

— fib CEP-FIP Model Code 2010 (fib Bulletin 65-66) _2012: Chap. 5.6 Fibres/Fibre 
Reinforced Concrete; Chap. 7.7 Verification of safety and serviceability of FRC structures. 


4 EN 14651 - TEST METHOD FOR METALLIC FIBERED CONCRETE - 
MEASURING THE FLEXURAL TENSILE STRENGTH - LIMIT OF 
PROPORTIONALITY, LOP, RESIDUAL STRENGTHS 


4.1 SFRC beams casting process following the Arcelor Mittal Fibres laboratory procedure. 


The steel molds for EN 14651 beams are 150 x 150 x 700 mm, with a span length between 
supports of 500 mm. A single batch of approximately 0.20 cum is to be prepared. The follow- 
ing mixing procedure is proposed: 

The empty mixer is initially filled with sand 0/2 mm and cement and mixed for approximately 5 
minutes until it reaches a uniform distribution. After that, the 8/16 mm + half of 2/8 mm coarse 
aggregates is added and mixed until fully blended with the mixture. Water is gradually poured 
and mixed for another 5 minutes. Then, the second half of 2/8 mm coarse aggregate is added and 
mixed until fully blended with the mixture. Half of the superplasticizer is added. Finally, the steel 
fibers can be put in and mixed until adequate distribution is achieved (fiber mixing time should 
not be less than 3 minutes). The rest of the superplasticizer will be added to adjust the workability 
of the mix. The fresh concrete will then be poured into the molds following the EN 14651 
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standard, where approximately half of the volume is to be poured first in the middle half of the 
beam and then the end regions will be filled simultaneously. Once the molds are filled up to 
approximately 90% of their height, external vibration can be applied. After that, the remaining 
height of the molds will be filled, and the top of the fresh concrete leveled off. The vibration time 
depends on the power of the vibrating table but should be around 40s. One day after the casting, 
the specimens will be demolded and moved to a curing room (the temperature and the relative air 
humidity in the curing room are set at 20°C - and 99%, respectively) or packed in a plastic bag or 
directly in the water. The specimens will remain there until a few hours before testing and will be 
notched according to EN 14651:2005 + A1:2007. 


4.2 EN 14651 SFRC beams testing 


Nominal values of the material properties can be determined by performing a flexural bending 
test: one of the most common refers to the EN 14651-2005: Test method for metallic fibered 
concrete - Measuring the flexural tensile strength, which is based on a 3-point bending test on 
a notched beam, at an age of 28 days: 
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Figure 3 and 4. EN 14651 test setup and Load-CMOD diagram. 


The specimens will be tested under displacement control at a rate of 0.05 mm/min based on 
the machine head until the CMOD reaches 0.1mm and a speed of 0.2 mm/min above this value. 

Beam mid-span deflections and CMOD will be measured using a non-contact infrared-based 
tracking system, which detects the position of the markers attached to the surface of the speci- 
mens. Loads and marker positions will be recorded at 5Hz. The results can be expressed in terms 
of force F, KN, vs. Crack Mouth Opening Displacement CMOD, mm. To obtain reliable statistic- 
ally results, a minimum number of nine beam tests is recommended by the Cahier des Charges. 

Parameters fp; representing the residual flexural tensile strengths are evaluated from the 
F-CMOD relationship according to the below equation; fictitiously, a simplified linear-elastic 
behavior is assumed after the crack: 


3F Rl 
fri = 2bh2, 
Where: 
fr; = Residual flexural tensile strength @ CMODj expressed in MPa 


Fr; = Load measured during the test, in kN 

l= beam span length = 500 mm 

b = beam width = 150 mm 

h,, = distance between the tip of the notch and the top of the beam = 125 mm 

From the above residual flexural tensile strengths, the characteristic values can be evaluated as 
follows: 


ÍRjk = ÍRjm E kx Sp 
Where: 


kx is the factor dependent on the number of the specimens 
Sp is the standard deviation of the test results 
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5 MODEL CODE 2010 CLASSIFICATION. 


For the classification of the post-cracking strength of FRC, two parameters are considered 
significant for serviceability limit state, fr ;;, residual flexural strength @ CMOD 0.5 mm and 
ultimate limit state, fr 3x, residual flexural strength @ CMOD 2.5 mm. Two subsequent num- 
bers in the series define the strength interval fr zx: 1.0, 1.5, 2.0, 2.5, 3.0, 4.0, 5.0, 6.0, 7.0, 8.0 in 
MPa, while the letters a, b, c, d and e correspond to the residual strength ratios fr 3k / JR 1k 
Those parameters are used for the classification: 


aif 0.5 < fr3kl frik < 9.7 
bif 0.7 < fr3kl frik < 0.9 
cif 0.9 < frak! frik < 1.1 
dif 1.1 < fr3kl frik < 1.3 
eif 1.3 < frR3kl Prix 


Fiber reinforcement can substitute, also partially, conventional reinforcement at ultimate 
limit state, if the following relationships are fulfilled: 


Prikl! fik > 9.4; fr 3k! frik > 9.5 


6 STEEL FIBRE-REINFORCED CONCRETE SPECIFICATIONS. 


The SFRC residual flexural strengths and the recommended limiting values for the composition of 
the concrete are indicated in the Cahier des Clauses Techniques Particuliéres Livret 10a — Voussoirs 
prefabriqués en béton de fibres métalliques, Cahiers des charges, Lots 16.2 & 18.1, and in the Livret 
10b, Lot 16.3. The minima residual flexural strengths fr 7, and fr 3, do not follow the classification 
of the Model Code 2010, which refers to a number, strength interval fr ;,, and to a letter, residual 
strength ratios fr 3k / fr ık. The reason is that, for a given value of fr 3x, the greater is the value of 
SRik, Within its own strength interval, the lower will be the residual strength ratio fr3x/ JR 1k, often 
resulting in the loss of one or more classes, therefore not filling the specified performances. 


Table 2. SFRC min. res. flex. Strengths. 


UM Lot 16.2 Lot 16.3 Lot. 18.1 
frix (CMOD 0.5 mm) > MPa 4.0 4.0 4.0 
frs (CMOD 2.5 mm) > MPa 4.4 5.0 3.6 


The abovementioned technical specifications recommend, during the initial trials, to saw 18 
EN 14651 beams from the segments, 6 beams per each direction. All cement types recommended 
by the Société Grand Paris specifications, containing up to 80% of Ground Granulated Blast Fur- 
nace Slag, have a lower carbon footprint when compared with CEM I. The embodied carbon 
content for steel fibres produced with Basic Oxigen Furnace route is 2500 kg CO, / ton while, for 
this project, the raw material, produced with a Direct Reduced Iron route, being able to produce 
with higher recycled steel content, accounts for 800 kg CO, / ton, so resulting in 35.2 — 36.0 kg 
CO, / cum of concrete, for a steel fibres dosage rate of 44 - 45 kg/cum, with a saving of 65% - 
65.8 % when compared to the traditional Basic Oxigen Furnace material route. 


7 PRELIMINARY TRIALS, INITIAL TESTS AND CONTROLS DURING 
PRODUCTION 


Numerous tests were carried out in the three different lots of the Grand Paris Express, mainly in 
the preliminary phase. To this end, the generic nature of the technical specifications, cahiers des 
charges, did not give clear indications on which Student’s factor, kx known OF Kx,unknown, Should be 
used in the preliminary tests, called “étude” tests in France, and in the initial phase, called 
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Table 3. Concrete recipes. 


UM Lot 16.2 Lot 16.3 Lot 18.1 
Min cyl. compressive strengths Mpa 40 40 40 
Max aggregate diameter mm 20 20 20 
Consistence classes S1 Sl S1 
Exposure classes XA3 XA3 XC3/XD2/XA3/XH3 
Min. steel fibres dosage kg/cum 40 40 30 
Min. cement content kg/cum 360 360 360 
Cement types CEM III/A 52.5 CEM III/A 52.5 CEM IIA 52.5 


“convenance tests”. Similarly, no indications were given on how to deal with the outliers: some 
methods to detect them, like Grubbs or Thomson, could eventually be adopted for the new lots. 
Also, the specifications don’t clarify which statistical analysis method is to be used, normal or log- 
normal distribution, as per the Eurocode 0, Basis of Structural Design, Annex D. A restrictive 
application of the specified performances has resulted in higher dosages, 44 + 45 kg/m*, compared 
to those usually adopted in other countries, 35 + 40 kg/m’, for the same mechanical performances. 
Some EN 14651 beam test results are reported in Figure 5, for a dosage rate 45 kg/m*, AM HE+ 
+ 90/60, Y-axis: Applied loads (kN); X-Axis: CMOD (mm). The flexural tensile strengths can be 
obtained applying a conversion factor so that 0.32 MPa = 1 kN: 


COURBE DE CHARGEMENT 


Charge (kN) 


20 25 
MOD (mm) 


Figure 5. EN 14651 Loads — Crack Mouth Opening Displacements diagram. 


8 FULL SCALE BEHAVIOR OF THE SEGMENTS 


As per the fib_66_7.7 Verification of safety and serviceability of FRC structures, Model 
Code 2010, the design must satisfy requirements for resistance and serviceability for the 
expected service life of FRC elements. In all FRC structures without the minimum con- 
ventional reinforcement, one of the following conditions shall be satisfied: 


ôu = 20 dsrs 
Opeak > 5 ÔSLS 


where ôu is the ultimate displacement, peak is the displacement at the maximum load and ôsLs 
is the displacement at maximum service load computed by performing a linear elastic analysis 
with the assumptions of uncracked concrete and initial elastic Young modulus. 

Usually, ôu is related to the maximum deformation requirement of the structure. The ultimate 
load P,, should always be higher than the load at crack initiation P., and higher than the maximum 
service load Pgrs. In the Cahiers des Charges, at least two segments are to be tested in bending and 
under point loads. In the below figures 6, 7 and 8, the bending test is described: 
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Figures 6, 7 and 8. Full scale bending test setup and Load — Deflection diagram — Model Code 2010. 
9 TUNNEL LINING SEGMENTS PRODUCTION 


For the lots 2 and 3 of the Line 16, there are two concrete mixer types: a 3 cubic meters capacity 
vertical axis, a 3 cum horizontal axis, while for the lot 1, line 18, the concrete mixer is a rotating 
tank, with a capacity of 2 cubic meters of concrete. The steel fibres dosing equipment are provided 
by ArcelorMittal Fibres division. Some dosing machines INCITE SF 1200, diam 1200 millimeters, 
capacity up to 2000 kg, have been installed in the concrete plants. Basically, the dosing equipment 
function is described hereafter: the fibers from big bags are tipped into the fibre dosing machine. 
The desired quantity of fibers is inputted on the weighing instrument display or set by the technician 
directly on the remote-controlled computer. The dosing machine SF then disperses the fibers and 
feeds them in an even flow to be mixed into the concrete charge. When the desired quantity is 
reached, the vibrators receive a signal from the load indicator and the dosing machine imme- 
diately stops. The HE++ 90/60 steel fibres are either fed on the belt with the aggregates or 
they can be introduced into a skip together with the aggregates, or directly into the mixer. 
The HE++ 90/60 steel fibers do not need to be glued, therefore avoiding problems with glue 
dissolving, clogging of measuring bowls, increased water content and higher entrained air. 
The segments are produced using a carousel system. As per the ITAtech Report n° 9 — Guideline for 
Good Practice of Fibre Reinforced Precast Segment — Vol. 2: Production Aspects, this production 
system consists of a static casting station, where the concrete is poured into the moulds, which are 
delivered to the casting station on a motorized circuit. The moulds are then transferred into a heat 
curing chamber, minimum curing time 6h30’, temperature 50 — 55 °C, humidity saturation. The pro- 
cess is typically controlled through PLC, which can be integrated into the quality management 
system for segment manufacture. The mechanical properties controls during production are based 
on the Cahier des charges, which prescribe a minimum of three beams per control batch, to be done 
every 400 cum of concrete produced, or daily for lower quantity. In order to control the conformity 
in production, the averages of each control batch constitute the individual values. When the number 
of the controls exceed 15, the moving averages of 15 consecutive results are to be used, while the 
Student factor is assumed k, = 1.48: 


Mean > K-—value + 148-5, 


The methods to carry out the fibre count in the fresh and hardened concrete are described 
in the European standard EN 14721- 2005 - Test method for metallic fibre concrete - Measur- 
ing the fibre content in fresh and hardened concrete. For that purpose, ArcelorMittal Fibres 
provides a Dosometer Fibre Testing Machine, to be used for the fresh steel fibre concrete con- 
trols. Here below the instructions to follow: 


¢ Filling the dosometer with 10 liters of fresh steel fibre concrete. 

e Flushing with water. 

¢ Fibres will be retained by the magnet. 

* By opening the system, the fibres are released. 

° Fibre collection in a bucket. 

e After a second water cleaning and drying the fibres are weighed, divide by 10 the measured 
weight in grams to obtain the dosage in kg/cum. 
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Figures 9-14. From top left, SFRC casting in the mold, segment finishing, demolding, segments stor- 
ing and external storage area views. 


10 CONCLUSIONS 


Finally, France has chosen the steel fibres as a solely TLS reinforcement. Already many lots 
of the GPE are adopting this relatively new technology. Cost saving, carbon content reduction 
and improved production are all resulting in a durable and sustainable solution. For the 
future, the quality control rules should be more detailed as regards to the outliers, the classifi- 
cation rules, Student’s factors, just to name a few. ArcelorMittal Fibres is a major contributor 
to the development of urban mobility infrastructure projects, supporting worldwide initiatives 
to reduce traffic and pollution with the supply of steel fibre reinforced concrete solutions. 


ACKNOWLEGMENTS 


The authors are grateful to the Alliance and Stradal production and their technical staff, and 
to the SIGMA BETON concrete laboratory testing materials. 


REFERENCES 


EN 12350 — Testing fresh concrete. 

EN 12390 — Testing hardened concrete. 

EN 14889-1 - Fibres for concrete - Part 1: Steel fibres - Definitions, specifications, and conformity. 

EN 14651 - Test method for metallic fibered concrete - Measuring the flexural tensile strength (limit of 
proportionality, LOP, residual). 

EN 14721 - Test method for metallic fibre concrete - Measuring the fibre content in fresh and hardened concrete. 

EN 206 - Concrete - Specification, performance, production, and conformity. 

fib CEP-FIP Model Code 2010 (fib Bulletin 65-66); Chap. 5.6 Fibres/Fibre Reinforced Concrete; Chap. 
7.7 Verification of safety and serviceability of FRC structures. 

Eurocode 0: Basis of structural design. Annex D (Informative). Design assisted by testing. 

Eurocode 2: Design of concrete structures — Part 1-1: General rules and rules for buildings. 

AFTES Recommandations GT38R1F1. 2013. La conception, le dimensionnement et la réalisation de 
voussoirs préfabriqués en béton de fibres métalliques. 

PAS 8810. 2016. Tunnel design - Design of concrete segmental tunnel linings — Code of practice. 

ACI Committee 544. 2016. ACI 544.7R-16 - Report on Design and Construction of Fiber-Reinforced 
Precast Concrete Tunnel Segments. 

ITAtech Report n° 7 — Design Guidance for Precast Fibre Reinforced Concrete Segments — Vol. 1: 
Design Aspects. 

ITAtech Report n° 9 — Guideline for Good Practice of Fibre Reinforced Precast Segment — Vol. 2: Pro- 
duction Aspects. 

fib Bulletin 83 - Precast tunnel segments in fibre-reinforced concrete. State of the art report. 

ITA-AITES WG2. Twenty years of FRC tunnel segments practice: lessons learnt and proposed design principles. 


1420 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Increasing safety in small-diameter tunnelling: The role of 
automation and microtunnelling 


P. Schmah, M. Ltibbers & F. Seng 


Herrenknecht AG, Schwanau-Allmannsweier, Germany 


ABSTRACT: Safety is a major concern of clients and contractors in the tunnelling industry, 
especially in small-diameter tunnelling for water and sewage, cable ducts or pipelines. Tight- 
ened safety regulations in terms of accessibility and escape routes increasingly limit the 
options in the planning and construction of small segment lining tunnels in the diameter range 
below ID 4000 mm. Technological solutions are being developed in order to increase the 
degree of automation in segment lining, and to expand the application range of microtunnel- 
ling to even longer and larger drives. The aim is to provide the tunnel construction industry 
with safe and efficient technologies and with highest flexibility for successful implementation 
of demanding projects. Even combined concepts of lining methods and/or machine types can 
be considered for specific project conditions. This paper will discuss the latest developments in 
automation, related opportunities and limitations, and future trends in microtunnelling. 


1 INTRODUCTION 


1.1 Small-diameter tunnels 


Small-diameter tunnels have several applications. From a tunnel boring machine (TBM) point 
of view, the main applications are water supply and sewage systems as these are mainly 
designed as gravity lines with a strict requirement regarding a defined constant slope. 
A further growing application is for general utility tunnels for power and telecommunication 
lines. The pipeline sector also presents an important field of activity, even if TBM tunnels 
have just a very small niche for long and difficult crossings along the pipeline route. 

Regarding safety and reduction of involved site personnel, pipe jacking is getting a bigger 
share in larger diameters and is nowadays a complementary tunnelling method up to ID 
4000 mm. In the past, this diameter range was solely covered by TBMs utilizing segment 
lining. Furthermore, combined lining methods and machine concepts allow a high degree of 
flexibility and efficiency for the construction of small-diameter utility tunnels. Various factors 
have to be considered to choose the best-suited TBM type and lining for a specific project, 
such as geology, tunnel length and diameter, curve radii and installation depth. 


1.2 Pipe jacking versus segment lining 


Segment Lining has a long tradition in mechanized tunnelling. The principle of ground exca- 
vation by TBM and consecutive ring building are well-known in the construction industry, 
especially for the construction of large traffic tunnels. Within the small-diameter tunnel range 
of up to ID 4000 mm, numerous projects have been executed worldwide using the segment 
lining method. However, the minimum diameter for segment lining tunnels is increasing due 
to higher standards for work safety. Tunnel construction by remote-controlled pipe jacking 
does not require personnel inside the machine during excavation, which is a major benefit 
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compared to segment lining. Consequently, the pipe jacking procedure is gaining importance, 
not only for long-distance projects, but also for inner diameters over 3000 mm, where segment 
lining has been the preferred method in the past. Technological advance and valuable experi- 
ence gained by international contractors have increasingly pushed the boundaries in terms of 
achievable drive length and tunnel diameter. Common opportunities, contractor expertise and 
achievements have to be taken into account when new installations are being planned and 
tunnel routes are being designed. 

In challenging pipe jacking projects, the contractors’ experience in operating state-of-the art 
pipe jacking features such as volume-controlled bentonite lubrication, separation plants and 
navigation systems, plays a key role for production rates and overall project success. In terms 
of tunnel diameter, the handling of the jacking pipes is considered as the most limiting factor 
for the feasible size. 

Segment lining offers a high degree of flexibility concerning the planning of tunnel routes. 
Long drives and tight curve alignments are possible due to less friction compared to pipe jack- 
ing, where the whole tunnel is continuously in motion. For long tunnels, fewer shafts are 
required compared to pipe jacking, which needs smaller shafts in return. The amount and the 
size of shafts is of considerable importance with rising installation depth or in heterogeneous, 
water-bearing ground. 


1.3 Machine types and diameters 


In mechanized tunnelling, three different shield types have been established on countless projects 
worldwide: Slurry Shields, Earth Pressure Balance Shields with a screw conveyor, and Open 
Shields with a conveyor belt behind the cutting wheel. Each of these proven methods has advan- 
tages in its special application range. The most common machine types for pipe jacking with the 
broadest range of applications in terms of ground conditions and hydrogeology are the slurry- 
based AVN and AVND (with air cushion) technologies with a share of over 85%. Both tech- 
nologies are characterized by a cone-shaped crusher inside the excavation chamber that crumbles 
stones and other obstructions to a conveyable grain size. In the larger diameters from 4000 mm 
shield diameter, it is common to use a jaw crusher (Mixshield TBM) instead of the cone crusher. 

For soft, cohesive soils, Earth Pressure Balance Shields (EPB) are the preferred option. The 
excavated soil in the excavation chamber is used as a support medium to balance the pressure 
conditions at the tunnel face, which avoids uncontrolled inflow of soil into the machine. The 
screw conveyor transports the excavated material from the base of the excavation chamber 
onto a belt conveyor and via muck skip or pump system to the surface. 

In hard rock formations with medium to high rock strengths, Open Shields without face 
support are to be considered. Single and Double Shields are used for segment lining, whereas 
Gripper TBMs are operated in stable rock formations where no permanent lining is needed. 
The Single Shield TBM is also available for remote-controlled pipe jacking operations with 
inner diameters over 1200 mm. Figure 1 gives an overview of the available machine types 
according to diameter and lining method. 


2 SEGMENT LINING 


2.1 Current safety standards 


During the last decades, the safety standards in tunnelling have been significantly further 
developed and improved on a worldwide scale: starting from basic topics such as PPE (Per- 
sonal Protective Equipment) and space requirements for onboard refuge chambers with 
detailed risk assessments respectively rescue statements. The latest tunnelling safety standards 
in Europe are summarized in DIN EN 16191:2014, which is currently being reviewed to even 
improve health and safety conditions by taking into consideration lessons learnt from prac- 
tice. In addition, local tunnelling associations might provide country-specific recommenda- 
tions on minimum tunnel diameters as guidelines for tunnel designers. 
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Figure 1. Overview of small diameter tunnelling machine range. 


2.2 Access and escape routes 


One main topic regulated in the DIN EN 16191:2014 safety requirements for tunnelling machin- 
ery is the minimum cross section on TBMs for personnel access, summarized in Table 1 below. 
For a TBM, designed to construct a ID 3000 mm segment lining tunnel, a free rectangular sec- 
tion of 450 mm width by 1000 mm height is required throughout the TBM shields, along the 
back-up system and the access cross section needs to be at least 0.6 m?. The regulation also 
defines the minimum width of all walkways in a ID 3000 mm tunnel to be not less than 300 mm. 
In addition, tight curve alignments can affect the available space for access and escape routes. 


Table 1. Parameters of soil mechanics. 


ID in mm 2600-3500 3500-6000 2 6000mm 
“Aocessheightx width J 1,0x045m 14x045m 19x 045m 


Exception for obstacles on 


less than 4m length 0.7 x 0.45m 1.0 x 0.45m 


| i 

Min. access cross section @ 06m? 0.8m? 1.2m? 
Ni my walking wide, © 03mciear 0.3m clear 0.3m clear 
with railing 


The above-mentioned minimum cross sections, regulated by harmonized standards for Europe, 
mainly focus on access for rescue and escape from the tunnelling machine. Beyond that, Tunnel- 
ling Associations also take general health and safety measures at work into account in their 
recommendations. Segment Lining TBMs can be technically designed for a minimum ID of 
2600 mm to respect current European safety standards. However, considering the narrow and 
tight work conditions, recommendations for small segment lining tunnels tend towards 
a minimum inner diameter of 3000 mm and larger. 


3 AUTOMATION IN RING BUILDING 


3.1 The background of new developments 


Ring building is a critical aspect in segment lining tunnel construction in terms of safety and 
project scheduling. Relatively large and heavy concrete segments have to be handled within the 
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tunnel by a manually controlled ring erector. Over the years, the overall process has been con- 
stantly further developed in order to incorporate safety functions into the control. Nevertheless, 
ring building remains a challenging process for work safety, especially in small-diameter segment 
lining machines, where restricted access may limit the view during segment handling. 

As ring building is still a mostly manual work step, related ring building times vary a lot 
with involved logistics and personnel and remain rather difficult to calculate in the project 
planning stage. In order to improve safety issues, as well as to ensure optimum ring building 
quality and construction time through repetitive constant processes, Herrenknecht has started 
the development of an automated ring building system. 


3.2 Segment erector 


The main component of the ring building system to be automated is the so-called erector, 
a specialized manipulator for handling the heavy reinforced concrete segments. In order to 
allow conventional, manual ring building as a back-up method, or for handling special seg- 
ments at any time, it was a guiding principle of the development to keep the existing mechan- 
ical erector design for the most common segment pick-up variants with vacuum plate and pin. 


3.3 Position measuring systems and comprehensive sensor technology 


Like for all automation processes, it is essential for the system to know the exact position of 
all components involved. Therefore, all moving parts of the erector, the thrust cylinders and 
the segment feeder need to be equipped with position measuring systems. The exact position 
monitoring can also help during the manual ring building mode to avoid collisions, especially 
in small-diameter tunnels with limited space. The recorded sensor data are available for 
internal documentation and “Building Information Modelling” systems in future. 

For an automated ring building process, not only the exact position of all erector functions 
and other moving parts is required. It is also crucial to determine the exact position and orien- 
tation of the segment for picking it up from the feeder. With this information, the automated 
system is able to correct any misalignment for a proper ring erection. 

Optical 3D measuring sensors have been tested and qualified for this application after an 
intensive research and development process. In order to use such sensors for the described 
purpose, a special image and data processing had to be developed. 


3.4 Operating conditions 


All sensor technologies were especially chosen and developed for the conditions in tunnel con- 
structions. Nevertheless, favorable boundary conditions for the successful use of an auto- 
mated solution are needed. 


Figure 2. Automated erector during factory acceptance on EPB 3000. 


1424 


An unrestricted view of the optical sensors is essential. For this reason, for example, atten- 
tion must be paid to unnecessary exposure or pollution of the sensors during cleaning and 
maintenance work. The order of the segments for the ring building must be respected in the 
same way as for manual ring erection. The automated ring building system allows a certain 
tolerance of the orientation of the segments on the feeder. 

To ensure safety in the ring building area, an access control system was integrated to avoid 
personnel getting into the hazardous area during automatic ring building mode. 


3.5 Testing process and outlook 


The current system has already been extensively tested and evaluated in a prototype setup, 
specifically with regards to external disturbances and failures. Currently, it is possible to build 
a complete ring (6+0 design) fully automated within a reproducible short time. 

After the promising factory tests, an initial field test on an EPB 3000 is currently ongoing. 
In order to ensure maximum safety and availability, a step-by-step procedure was agreed. One 
main focus is to allow the switch back to conventional manual ring erection mode at any time. 
During a first on-site testing, the sensor technology including the 3D optical sensors was valid- 
ated during manual ring erection. In a next phase, the automated pick up was tested. All these 
tests have been successfully passed, and the final tests of the complete automated ring building 
system are currently scheduled for the end of 2022. 


4 PIPE JACKING 


While in the early beginnings of tunnelling even small diameters of 1 meter have been 
constructed using hand shields or fully mechanized excavation, pipe jacking has taken 
over in the smaller diameters up to ID 2500 mm. In most cases, slurry micro TBMs 
(MTBMs) are used for pipe jacking, as this is the most feasible technical solution to 
realize remote-controlled equipment for the construction of non-accessible tunnels below 
ID 1200 mm. However, long-distance pipe jacking usually requires accessibility for main- 
tenance operations and disassembly measures after tunnelling, even with remote- 
controlled equipment. As a result, long-distance pipe jacking drives in general have 
a minimum ID of 2000 mm. Continuous further developments to improve the tunnelling 
process have been mandatory to push the boundaries of pipe jacking towards longer 
drives and larger diameters. 


4.1 Bentonite lubrication 


In pipe jacking, the control of the friction between the pipe and the surrounding ground is 
a key factor for project success. Besides the contractor’s experience and other important meas- 
ures like the use of intermediate jacking stations, special attention is paid to bentonite lubrica- 
tion. The longer the drive or the larger the diameter, the more the focus is on lubrication. 
Uncontrolled distribution of bentonite along the tunnel route or tearing of the lubrication 
film can lead to a significant increase in jacking forces. For a continuous lubrication through- 
out the tunnel alignment, the volume-controlled bentonite lubrication system has been devel- 
oped. The automated system offers a high level of bentonite control and automation to 
overcome the limitations of conventional systems. Easy handling and smart, partly automated 
setting of the relevant parameters assist the machine operator and avoid variations caused by 
personnel changes or uncontrolled pumping of bentonite. 

The visualization in the control container (see Figure 2) shows the volume of injected ben- 
tonite in every meter of the tunnel along the alignment. The system provides an unprecedented 
situation control, no matter if it is used in classic or volume-controlled mode. When running 
in volume-controlled mode, the system automatically distributes the bentonite along the 
tunnel axis according to the needs of the prevailing ground conditions. 
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Figure 3. Exemplary visualization of the volume-controlled bentonite lubrication system with the ben- 
tonite volume injected on each tunnel meter. 


In homogeneous ground, the system creates a very uniform distribution of the bentonite. 
This optimized, continuous lubrication film can be maintained, independent from drive length, 
operator experience or advance rates. In changing ground conditions, the stationary sections 
along the tunnel are supplied with the predetermined bentonite volume by the advancing ben- 
tonite stations. After selection of the prevailing ground condition in a section, the system auto- 
matically calculates the required bentonite volume, e. g. gravel needs more bentonite than sand 
or silt to become saturated. The system can also be used in the conventional classic mode with- 
out volume control and parametrization. This ensures high flexibility at all times. 

Monitoring, focused control and recording of relevant data (e.g. lubricant volumes, pump 
and injection pressures, friction forces) are incorporated in the system, creating a very precise 
assistance system for the operator and pushing automation and feasibility in pipe jacking fur- 
ther ahead. 


4.2 Intermediate jacking stations 


Another solution to overcome high jacking forces in difficult ground or over long drive lengths 
is the use of intermediate jacking stations. These are installed in steel pipes at pre-determined 
distances in the pipe string and serve to advance the pipe string in sections. In general, it is not 
intended to use the intermediate jacking stations continuously, but when the pipeline has not 
been moved for a while (e.g. due to maintenance reasons) it is safer to relaunch the jacking pro- 
cess in sections than jacking the complete pipe string from the launch shaft. This avoids impos- 
ing extremely high jacking forces on the rear pipes. If required, the intermediate jacking stations 
can be used to keep sections of the tunnel moving in case of TBM downtime. 


4.3 Long-distance pipe jacking 


From a technical point of view, long-distance pipe jacking can be an alternative to small- 
diameter segment lining. Detailed investigation and project planning as well as the use of latest 
technological features and contractors’ experience are essential for project success. Besides the 
respective design of the tunnelling machine and the cutting wheel according to the defined soil 
conditions to be expected along the tunnelling alignment, the main concern of long-distance 
pipe jacking is the limitation of the jacking forces and the measures described above. 

In 1994, the long-distance record of 2.5 kilometers in pipe jacking was set in the Europipe pro- 
ject in Germany, by a Slurry TBM for an inner diameter of 3000 mm. In the last 10 years, a total 
of 100 projects of more than 1,000 m length have been completed. In most cases, slurry machines 
have been used in the inner diameter range of 1500 mm to 3200 mm. Most of these (more than 
30%) were Sea Outfall constructions for sewage outlets, water intakes for desalination plants or 
casing structures for pipeline landfalls. In coastal areas, a major focus is on the protection of the 
vulnerable environment. This is where trenchless technology comes in. 
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A benchmark for the diameter range of ID 2600 mm was set 2018 in Altamira, Mexico with 
a drive length of 2,246 meters. The pipe jacked outfall casing tunnel (OD 3200 mm) is one out 
of three landfalls for the Sur de Texas-Tuxpan gas pipeline, which connects the coasts of 
Texas and Mexico across the Gulf of Mexico. Trenchless Technology was chosen to cross 
under the environmentally sensitive areas, such as the mangrove zone and coral barriers with 
less impact than with conventional techniques. 

In May 2022, two outstanding sea outfall projects for with 2 km length each have been com- 
pleted successfully. One tunnel will serve for the discharge of treated sewage, the other one will 
operate as a water intake tunnel for seawater desalination. In both projects, a slurry microtunnel- 
ling machine with extension kit (pipe ID 2200/2600 mm) and recovery module was deployed in 
different kinds of ground conditions. The volume-controlled bentonite lubrication system has 
been used, providing efficient lubrication and reducing friction forces successfully in order to 
push the pipe string of about 2 km in both cases. 


4.4 Large-diameter pipe jacking 


The basis for the decision to plan and execute a small-diameter tunnelling project whether with 
pipe jacking or segment lining strongly depends on the background of the parties involved. From 
a planning point of view, the decision is not only driven by the specific project requirements, but 
also by the broad knowledge of the available technological alternatives. A majority of small- 
diameter segment lining projects is executed by large construction companies coming from the 
traffic tunnelling industry while most pipe jacking works are carried out by smaller contractors 
specialized in this field. Based on long traditions and know-how, they are tackling increasingly 
challenging projects, comprising long drives and large diameters. Of course, the cooperation of 
technology supplier and construction companies to design the best suited equipment for large- 
diameter pipe jacking projects is indispensable for successful project completion and for a good 
reputation of the technology in the market. 

Even if the pipe jacking procedure requires a significantly smaller jobsite footprint on the 
launch side compared to segment lining, the handling and storage of the jacking pipes repre- 
sents a challenge that grows with the diameter. State-of-the-art on-site factories to produce 
large-diameter jacking pipes of OD 3500 mm or more can solve this problem. A storage area 
for a sufficient amount of product pipes is required for a continuous tunnelling advance. 

With a rising pipe jacking diameter, the challenges faced are similar to the ones in long- 
distance drives with the main aim to keep the jacking forces down and to assure continuous 
advance with high performance at the same time. Intermediate jacking stations and bentonite 


Figure 4. Pipe jacking launch shaft for AVN3500 (OD 4285 mm) in Buraidah, Saudi Arabia. 
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lubrication have been further developed to fulfill the requirements of increased friction forces 
in larger dimensions. 

Recent milestones set by contractors in all parts of the world demonstrate the current trend 
towards larger diameters in pipe jacking. Similar to the evolution in drive length, the majority 
of about 70 projects executed with Herrenknecht equipment of 3000 mm inner diameter and 
larger have been executed in the last 10 years. The main portion were for sewage and water 
and with rising share also for stormwater protection or storage installations. Special applica- 
tions for cross passages and blindhole construction with a retractable machine concept played 
a minor, but indispensable role in this diameter range. 

Currently, a large-scale project is under way in Buraidah, where several AVN Slurry 
machines are in operation to complete a total of 24 km for the Main Line Stormwater project 
with a pipe OD of 4200 mm, in depths of up to 50 m. 


5 CONCLUSION 


Safety standards influence and consequently increase the minimum diameter for small seg- 
ment lining tunnels. Considering the reasons summarized in this paper, an inner diameter of 
3000mm enables the incorporation of the common safety and emergency features. 

Under certain restrictions however, for example with a reduced segment length and without 
a California crossing, even smaller diameters can be realized. The minimum dimensions must 
be checked individually for each specific project and location. In addition to the international 
safety standards, local regulations and project specific parameters have impacts on the smal- 
lest applicable diameter and machine design. 

As large-diameter pipe jacking of up to ID 4000 mm is becoming increasingly common, 
remote-controlled microtunnelling is partly filling the gap of smaller segment lining diameters. 
However, safety standards for maintenance access still remain the same. As the regular tunnel- 
ling operation is remotely controlled, there is no interference with manned processes during 
tunnelling. As the existing DIN EN 16191:2014 is currently under review, new aspects will 
most probably be raised. Therefore, ongoing developments for the automation of tunnel oper- 
ations and processes will avoid exposed and unsafe handling operations in future. 
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ABSTRACT: The consistency of a cohesive soil is an important parameter when driving with 
Earth Pressure Balance shields (EPB shields). It determines the flow behaviour of the excavated 
material or the support medium in the excavation chamber and the screw conveyor. Furthermore, 
depending on the consistency and other parameters of cohesive soils, e.g. the plasticity index, clog- 
ging can occur in front of the cutting wheel, which can cause high impacts on productivity and costs 
due to reduced excavation speed and downtime due to cleaning measures. A quick experimental 
identification of the consistency of the excavated material during the excavation process and an 
appropriately adjusted conditioning of the soil can help to make EPB excavations safer, more cost- 
efficient and easier to plan in the future. For this purpose, a new displacement-controlled penetra- 
tion test for measuring the flow behaviour was developed for both cohesionless and cohesive soils. 
Initial test series show that there is a clear correlation between consistency and the corresponding 
penetration resistance of the new penetration test. Further, the penetration resistance also depends 
on the plasticity index of the soil. Numerous test series with the new penetration test show a high 
rate of reproducibility of 95 %. Thus, a quick determination of the consistency of the excavated 
muck will be possible in the future. The consistency can be checked and, if necessary, conditioning 
measures can be adapted. The risk of adhesion and clogging can thus be reduced and the support 
pressure transmission improved. Furthermore, tests with foam-conditioned cohesionless sands have 
shown that the resolution of the relevant measuring range is sufficiently large to quantitatively dif- 
ferentiate the foam injection rate (FIR). The developed test device is therefore a precise and more 
versatile alternative to the frequently used slump test, which is not suitable for cohesive muck. 


1 INTRODUCTION 


An important material parameter in tunnelling with earth pressure shields (EPB-shields) is the 
workability for non-cohesive unconsolidated rock and the consistency of the soil to be excavated 
for cohesive unconsolidated rock. They determine the flow behaviour of the excavated material 
or the supporting medium in the excavation chamber and the auger conveyor. For the controlled 
support pressure transfer, this flow behaviour and a resulting continuous material flow is of high 
importance for a successful excavation and should therefore be monitored during excavation by 
quantitative methods. Cohesive soils may lead to clogging of the cutting wheel, especially in the 
centre and in the excavation chamber. Clogging can cause high losses of productivity. In tunnel- 
ling, possible clogging risks, which result both from the soil itself as well as from the addition of 
liquid (conditioning or ground water) to the soil and, must be determined in advance of the pro- 
ject to establish compensation measures in order to enhance the workability of the excavated 
material (Galli & Thewes, 2014). For the investigation of workability, the slump test is predomin- 
antly used, which originates in the concrete industry. However because of clogging phenomena, 
the slump test is not suitable for the investigation of cohesive soils regarding their suitability for 
EPB tunneling. Furthermore, test results from the slump test are often dependent on manual 
influence of the user and show a large spread of their results. 
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2 EXPERIMENTAL SETUP 


Based on the results of Freimann et al. (2019) and Freimann (2021), publishing about a force- 
controlled penetration device as a replacement for the slump test, the authors developed 
a displacement-controlled penetration test. This device follows the same principle of penetra- 
tion of a cone into soil, but differs from the force-controlled variant with regard to controlled 
and continuous displacement speed. Now also cohesive soils can be investigated with the new 
test device, which was not possible with the test device of Freimann (2021). Figure 1 shows 
a 3D model (left) and a photo (right) of the test device, which has a height of 1300 mm and 
a square base area of 900x900 mm. 


Figure 1. 3D model (left) and a photo of the penetration test device (right). 


In a first validation stage, it was shown that the penetration test delivers reliable and repro- 
ducible results. However, the scatter of the measurement data is relatively high for low pene- 
tration depths < 40 mm or low penetration forces < 10 N. The test device is therefore not 
suitable for measuring very low penetration forces or correspondingly low penetration depths. 
The test device provide valid data that can be reproduced with a low scatter. The more homo- 
geneous the material, the higher the reproducibility of the test results. The scatter of the meas- 
urement results therefore depends mainly on the soil to be examined. The preparation or 
conditioning of the soil should therefore always be carried out according to a strictly followed 
test procedure. 

The penetration speed has no influence on the reproducibility of the measurement data. The 
test duration should be kept as short as possible, especially for investigations in soil-foam mix- 
tures due to the disintegration of the foam. For this reason, a penetration speed of 1 mm/s is 
selected for all further investigations. 


3 EXPERIMENTS WITH CONDITIONED FINE SAND 


A first series of tests was carried out on foam-conditioned fine sand in accordance with to 
the tests conducted by Freimann (2021). The aim of this study is to check the sensitivity of 
the test device with regard to the assessment of the foam injection ratio (FIR). Furthermore, 
a comparison is made between the slump test and penetration test methods with regard to 
reproducibility and measurement resolution. 
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3.1 Experimental program and testing procedure 


The slump tests and the penetration tests are carried out with soil-foam mixtures, which are pre- 
pared for each test. Thus, possible time-dependent drainage effects and a falsification of the test 
results, depending on the test sequence can be largely excluded. For each test, a (residual) water 
content of 8 wt.% was first established in a batch of 12 kg of fine sand. Then the foam was pro- 
duced with an foam expansion ratio (FER) of 15. For the present study, the foam is produced 
with a foam generator developed for the production of foams with a reduced flow rate Qp < 100 
l/min and enables the reproducible production (+ FER 0.5) of small foam quantities. The surfac- 
tant product used is Condat CLB F5/TM, which is recommended for sandy soils. The surfactant 
concentration is 3 wt.%. The foam production as well as the incorporation of the foam-soil mix- 
ture into the cone of the slump test was carried out according to a strict test procedure. The slump 
for the range of adequate workability was defined between 10 and 20 cm according to Budach & 
Thewes (2015). To evaluate the different foam injection rates (FIR), a total of 48 tests were carried 
out on conditioned fine sand. Accordingly, three slump tests and three penetration tests were car- 
ried out for each FIR. Figure 2 shows an example of the test procedure and an example of the 
measurement data for the penetration force versus the penetration depth. The aim of this study is 
to correlate the conditioning state or each FIR with a clearly transferable data series or a single 
value of this data series. Due to the cone geometry and the activated cone area and stress increase 
over depth as a function of penetration depth, the maximum load for the present study is limited 
to 1000 N. Otherwise, the penetration force would increase too fast at low FIRs due to an expo- 
nential increase in force and the installed technology could be damaged. 
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Figure 2. Procedure of a penetration test with conditioned fine sand. Penetration force as a function of 
penetration depth. Fine sand, w = 8 wt.%, FIR 55 vol.%. 


3.2 Test results and analysis of the penetration tests 


The tests are carried out with FIRs between 35 vol.% and 70 vol.% and show an excellent repro- 
ducibility of the test results. This applies to all FIRs investigated. In order to distinguish the dif- 
ferent conditioning states on the basis of the graphs, the measured values of all tests are shown 
in Figure 3 (left). For tests with an FIR of 35 vol.%, the experiment had to be stopped because 
the maximum load of 1000 N was reached. A differentiation of the foam injection rates is clearly 
possible on the basis of the data series. The grain-to-grain contact decreases as a function of an 
increasing FIR and the soil-foam mixture can be displaced more easily by the cone. Foam bub- 
bles and liquid are located between the grains, which lead to a reduction in friction and thus to 
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a measurable reduction in the force to be applied. However, this differentiation should not be 
made exclusively on the basis of all measurement data, which includes all measurement values of 
a test series, but by identifying a single measurement value. Although the differentiation of the 
FIR is also possible for lower penetration depths, the corresponding difference between two 
measured values, i.e. the vertical distance between two data series in the diagram, is smaller. This 
reduces the resolution for clear differentiation. For this reason, the measured values for 
a penetration depth of 120 mm (F120) are evaluated and correlated with the corresponding FIRs 
and the results of slump tests. Furthermore, the graphs shown in Figure 3 (right) are averaged 
due to a sufficiently high reproducibility (> 90%). 
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Figure 3. Penetration force as a function of penetration depth and foam injection rate/fine sand, w = 8 
wt.%, FIR = var. (left), Averaged penetration forces as a function of penetration depth and foam injec- 
tion rate/fine sand, w = 8 wt.%, FIR = var. (right). 


3.3 Correlation between penetration force and slump test results 


The results from the slump tests and the corresponding F120 readings from the penetration 
tests are summarised in Table |. In the further analysis, the mean value of the three slump tests 
is used to study correlations. No value exists for the FIR 35 vol.%/F129 value, as the penetra- 
tion forces were too high from i > 100 mm. The low foam injection rates < FIR 45 vol.% are 
not sufficient to put the fine sand into a flowable state. This is shown by the low settlement 
dimensions and by the very high penetration forces. The change from non-flowable to flowable 
occurs for fine sands between an FIR of 40 vol.% and 50 vol.%. The measured values for F120 
confirm this. For these values, the penetration force is reduced by 47 % and 56 % respectively 
compared to the next-lowest injection rate. The range of the measurement data from the pene- 
tration tests is between 1.7 % and 5.3 %, whereas the results from the slump tests show ranges 
between 7 % and 61.2 %, despite strict adherence to the test procedure and preparation. 


Table 1. Results of the slump tests, penetration tests and their average values. 


FIR [vol.%] 35 40 45 50 55 60 65 70 


Slump 1 [em] 1.5 l 6 ll 13 15 18 22 
Slump 2 [em] 0 2 4 6 13.5 12 19 20.5 
Slump 3 [em] l 2 4.5 7.5 10.5 15 19.5 21.5 
Slump Ø [cm] 1 2 5 8 12 14 19 21 
F12 [N] ; 818 432 190 126 83 69 48 


To differentiate between the force-displacement curves of flowable foam-soil mixture, Figure 4 
(left) shows the values for tests with foam injection rates from 45 vol.% and the range of workabil- 
ity and flowability of the material by correlation between penetration force and slump test results. 
Building on this, Figure 4 (right) shows the correlation between slump and the corresponding F120 
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values. By approximating the data using a power function with a very good fit (R? = 0.985), this 
plot also shows the change in material behaviour in terms of flowability for slump dimensions 
between 2 cm and 8 cm or penetration forces between 818 N and 190 N. This analysis and inter- 
pretation is easier due to the higher resolution of the data from the penetration tests. However, 
the high resolution fades with increasing FIR. This applies to both the penetration force values 
and the results from the slump tests. 
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Figure 4. Slump test results > 5 cm and corresponding penetration force curves (left). Slump test results, 
mean and penetration force as a function of foam injection rate/fine sand, w = 8 wt.%, FIR = var. (right). 


3.4 Summary and next steps 


The displacement-controlled penetration test is a suitable instrument for measuring the force- 
displacement relationship. This is shown both by the results from the validation and in the experi- 
ments with conditioned fine sand. Furthermore, the significance of the measurement results from 
the displacement controlled penetration test is valid and at least equivalent to the slump test. The 
resolution of the relevant measuring range is sufficiently large to quantitatively differentiate the 
FIR. The investigation of soils with regard to workability is limited to cohesionless soil with the 
slump test. The cone of the slump test offers a large contact surface for cohesive soil samples. This 
results in local adhesive stresses between the soil sample and the cone during tightening. Further- 
more, the use of the slump test in cohesive soils is limited to soils with a soft and liquid consistency. 


suitable EPB muck 


Figure 5. Slump of a soil sample (Ip = 37 %) with different consistencies in the slump test. 


However, even in the soft range, no slump measurements can be determined with consistency 
index between I, = 0.3 and I, = 0.5. The soil begins to flow at its liquid limit, i.e. at a consistency 
index of I, = 0. The water content at the liquid limit depends in turn on the plasticity of the soil. 
Accordingly, the slump determined on cohesive soils in the slump test is not equivalent to the 
slump determined on cohesionless soils, as experience has shown that the limits of workability 
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with simultaneous avoidance of clogging in relation to consistency is between I, = 0.4 and 
I, = 0.6. However, cohesive soils only reach a flowable state from a consistency index of 
I, = 0. Figure 5 shows the flow behaviour of a clay soil (Ip = 37 %) determined with the 
slump test. The use of the slump test with cohesive soils and its validity in terms of work- 
ability must therefore be critically questioned. Figure 5 shows that the slump test already 
fails in clay soils with medium plasticity. Furthermore, the installation of the sample in the 
cone is extremely time-consuming due to the clogging that may occur and is not possible 
without wetting the steel with a lubricant. The soil sample becomes more flowable with 
decreasing consistency, but there are no existing correlations between the slump of cohe- 
sive soils and the workability and/or the tendency to stick. In our opinion, the use of the 
slump test in cohesive soils to assess workability is only recommended for soils with very 
low plasticity (Ip < 5 %). In these soils, the proportion of cohesive components is very low 
and the proportion of cohesionless sands is very high. In these soils, the slump test can 
provide index values for workability. The displacement controlled penetration test can 
overcome this limitation in the range of application for the assessment of workability due 
to the new test procedure. For this reason, tests on cohesive soil samples with the displace- 
ment controlled penetration test are described in the following chapter. 


4 EXPERIMENTS WITH COHESIVE SOILS 


Next, the displacement controlled penetration test is used to measure the penetration resistance 
of cohesive soils with varying values for consistency and plasticity. The test results, calculated 
as force or stress as a function of the penetration depth, are correlated with the consistency 
index. The indirect determination of the consistency in the excavation chamber of an EPB- 
TBM during excavation in our view results in a benefit for tunnelling practice. 


4.1 Testing programm and experimentation 


In the first step, penetration tests are carried out with a clay soil. The 60° cone is used as the pene- 
tration body. A total of six different consistency indexes (I,=1.0; 0.8; 0.6; 0.4; 0.2; 0) are set and 18 
penetration tests were carried out. The penetration tests are carried out with a clay powder with 
a plasticity number of Ip = 36.7 %, i.e. a medium plasticity. These tests exclusively deal with the 
performance of initial penetration tests on a cohesive soil, which in this form could provide 
a quick indirect result, for example on the trailing system of an EPB-TBM with regard to the con- 
sistency of the soil slurry. Furthermore, it is to be shown that reproducible measurement results 
can be achieved with the displacement-controlled tests with cohesive soils. The soil sample is 
placed in a container. The filling height is 12 cm, which corresponds to a sample volume of 
approx. 6.2 litres. The maximum penetration depth is 8 cm. The cone is positioned centrally 
above the container and pressed into the sample at a penetration speed of 1 mm/s. Each test is 
repeated three times and the measured force-displacement curves are averaged into one curve. 
Figure 6 shows an example of a penetrations test using clay soil with a consistency index of 0.4. 


Figure 6. Penetration test with 60° cone in cohesive soil for I, = 0.4. 
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4.2 Cone penetration tests with clay — Test results and evaluation 


As in the study on fine sand, the penetration force F at a defined penetration depth is evaluated. 
In this case at penetration depth of i = 80 mm (Fo). Depending on the set consistency index, 
there are clear differences in the penetration force, which can be clearly assigned to 
a consistency index starting from a penetration depth of about 40 mm (see Figure 7, left). 
Figure 7 (right) shows the increase of the penetration force as the consistency index increases. 
No measured value is available for the consistency number I, = 1.0 for a penetration depth of 
80 mm, as the penetration force to be applied was too high. A soil with such stiff consistency 
would not be suitable for an EPB in closed-mode. Consistency index and penetration resistance 
show an exponential correlation for the evaluated penetration depths. By the approximated 
function Fso can also be calculated for I, = 1.0 with a coefficient of determination of 0.995 and 
is about 1,600 N. In general, the penetration force Fgọ halves between I, = 0.8 and I, = 0.6. 
Similarly, Fgo halves between I, = 0.6 and I, = 0.4 and I, = 0.4 and I, = 0.2. A halving of the 
penetration force can therefore be interpreted as a shift of AI, = 0.2 for the examined soil in this 
consistency number range. Between I, = 0.2 and the liquid limit at I, = 0, Fgo is reduced by 1/3. 
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Figure 7. Measurements for the different consistency indexes (left). Penetration resistance as a function 
of the consistency index (right). 


The results of this study show that the new penetration test is also suitable for investigating 
cohesive soils and that the consistency index can be determined indirectly through the force- 
displacement relationship. The reproducibility of the measured data is very high, so that within 
a test series almost identical measurement curves are obtained. The method is suitable for a quick 
and indirect determination of the consistency. It is also possible to quickly determine the amount 
by which the consistency index is shifted by conditioning with water. On average, it can be seen 
that a shift in the consistency number in the range from Ie = 0.8 to I, = 0.2 by AI, = 0.2 leads to 
a reduction in the penetration force of about 50 %. This could, when interpreting the measurement 
data on the TBM, provide a quick indirect result on the consistency shift due to conditioning. 


5 SUMMARY AND OUTLOOK 


The focus of this paper was the development of a penetration method to indirectly measure the 
workability of non-cohesive and the consistency of cohesive unconsolidated soils. A test device 
was constructed with which the force-displacement relationship during penetration into a soil 
sample can be measured both force-controlled and displacement-controlled. The results show 
that the displacement-controlled penetration test is a very good measuring instrument for deter- 
mining the force-displacement relationship and an equivalent alternative to the frequently used 
slump test. The measuring range of the penetration test is sufficiently large to quantitatively dif- 
ferentiate the foam injection rate in conditioned non-cohesive soils within the typical range of 
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application. Tests with cohesive soils are not possible with the slump test due to plasticity and 
other factors. The displacement-controlled penetration test closes this gap for the investigation 
of cohesive soils. The workability and the clogging potential of cohesive soils depend on the con- 
sistency index. The correlation between the penetration resistance and the consistency index can 
be used to indirectly determine these soil parameters, and conditioning with water can be carried 
out during excavation to move the soil into lower consistency ranges. 

The test device used in this work is a reliable test method for the indirect measurement of the 
workability and consistency of unconsolidated rock. Both cohesive and non-cohesive soils can be 
tested with one test device and different penetration bodies and examined with regard to their 
respective penetration resistance, depending on the conditioning. The conditioning of cohesionless 
soil with foam shows that the penetration stresses are considerably reduced above a certain 
amount of foam. In cohesive soils, the indentation stresses also decrease significantly with 
a decreasing consistency number from I, = 0.8 to I, = 0.6 by 75 %. Due to the non-rotationally 
symmetrical geometry and problems in sealing the edge areas of a cone, the installation of a cone 
in the bulk head or directly in the cutting wheel would not be possible. This means that the soil 
muck could not be examined within the excavation chamber, but at the conveyor belt and thus 
with a certain time lag from the excavation at the tunnel face. For this reason, we are working on 
further developments, which would allow for an installation in the bulk head or the cutting wheel. 
This paper served to introduce the new test device. It offers numerous possibilities for adaptation 
for further tests, for example for tests under pressure conditions. 

In the future, live quantification of the workability of the excavated material shall be real- 
ised. This means that the success of conditioning measures can also be evaluated on a TBM, if 
required. With the developed method, this could become possible in automated form. 

With closer and more precise monitoring of the state of conditioning, it should be possible 
to reduce the use of conditioning agents, especially in non-cohesive soils to keep the costs as 
low as possible. The experimental findings on the correlation between penetration resistance 
and the consistency index as well as plasticity index allow an evaluation of both, workability 
and clogging potential. In this paper, new quantification possibilities of the material properties 
of cohesive and non-cohesive soils were developed through experimental investigations. The 
results can be further used to simulate and ultimately describe the flow properties of condi- 
tioned soils for mechanised tunnelling. 
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ABSTRACT: When driving EPB shields, cohesive clayey and silty soils are suited best to 
support the tunnel face, provided having a sufficiently deformable consistency. In contrast, 
cohesionless, coarse-grained or very permeable soils without additional, often complex and 
expensive conditioning measures cannot be used as support medium. In highly permeable 
soils with ground water pressure, EPB shields may even reach their limit of applicability. 

MC-Bauchemie in cooperation with Ruhr University Bochum have newly developed a 
highly flexible and cost-efficient system for conditioning very coarse ground. This new condi- 
tioning solution combines two existing approaches, 1) conditioning with foam and 2) addition 
of a High-Density Slurry containing a large amount of fines. This results in a new and flexible 
method, where a foam is produced from a High-Density Slurry. This High-Density Foam 
(SolidFoam™) could temporarily be used during the operation of an EPB-TBM, when driving 
through highly permeable soils or transition zones. 

To introduce this new method of conditioning into tunneling practice, a series of laboratory 
tests regarding the reliable and practical production of SolidFoam™ were performed. The 
results include conditioning tests with coarse soil and SolidFoam™ to study the effects on the 
workability of the conditioned muck and on the reduction of its permeability to prevent 
undesired ground water penetration into the excavation chamber. 


1 EPB TUNNELLING AND SOIL CONDITIONING 


In mechanised tunnelling with EPB shields in closed mode, the excavated soil is used as a support 
medium to stabilise the tunnel face. In this mode, the excavation chamber is completely filled with 
excavated material, which is transported away via the screw conveyor. Special requirements are 
stipulated for the support medium: Sufficient workability, flowability and low water permeability 
must be ensured for a sufficient support pressure transfer to the working face and good transport- 
ability. For this purpose, according to Thewes & Budach (2010) and Budach & Thewes (2015), 
the soil to be excavated should have a fine grain content of at least 10 wt.%. According to Maidl 
(1995), the classic range of application specifies a fine grain content of at least 30 wt.%. 

If the fines content, i.e. grain sizes < 0.063 mm, is missing in the soil or the mass fractions 
are very low, the soil must be conditioned for tunnelling in EPB mode. In addition to water 
and surfactant foams, in soils with adequate and low fines content, suspensions containing 
fines can be used as conditioning agents in the absence of fines. 

With decreasing fines content and increasing sand/gravel content in the soil, the water per- 
meability increases on the one hand and the flowability of the material decreases on the other. 
Both have a negative influence on the supporting pressure transfer in EPB mode. The exca- 
vated material can be temporarily transformed into a plastic earth suspension with low perme- 
ability and suitable flow properties by mixing the coarse soil with fine material suspensions. 
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The suspension with fines fills the coarse soil’s pore space, reducing the grain-to-grain ten- 
sion. In principle, dispersing clays are suitable for use as fines (Treinen & Thewes, 2018; 
Thewes et al., 2017) The fine particles can penetrate into the pore space of the excavated sub- 
soil and consequently positively influence the flow properties and water permeability. Fine 
material suspensions consist of water and suspended fine particles with a grain diameter 
< 0.063 mm (DIN EN 12620:2008-02). The most common type of fine material suspension is 
bentonite suspension. For tunnelling with earth pressure shields, fine material suspensions 
with significantly higher densities are used compared to tunnelling with slurry shields. These 
suspensions are therefore called High-Density Slurries (HDS) (Straesser et al., 2020). During 
tunnelling, this suspension is injected into the ground in front of the cutting wheel and into 
the excavation chamber. The amount added is determined by the Slurry Injection Ratio (SIR). 
Depending on the amount of dispersing fines, a concentration Csusp results in the water. 
According to Thewes & Budach (2010), the following operating parameters result for condi- 
tioning with fines suspensions: 


Csap = ests - 100% (1) 
susp 


where Csusp = Concentration of the suspension in wt.%; Qfine,susp = Volume flow of the fine 
particle fraction in m?/s; and Qsusp = Volume flow fine suspension in m/s. 


SIR = 222. 100% (2) 
Qsoil 


where SIR = Suspension injection rate in vol.%; and Q,.i, = Volume flow of the soil in m/s. 
The conditioning method described previously, and its effects are used as an approach for foam- 
ing a High-Density Slurry. These High-Density Foams (HDF) are marketed by MC Bauchemie 
under the name SolidFoam™ and are in the preparatory stage for introduction in tunnelling prac- 
tice. They offer the advantages of foam conditioning and conditioning with fine material suspen- 
sions. Treinen & Thewes (2018) have published the results of initial investigations in this field. 


2 MATERIALS AND METHODS 


2.1 Preliminary tests and High-Density foam manufacturing 


High-Density Foam consists of a bentonite-based suspension and a surfactant product. 
The mixture is foamed with a unique foam generator without disruptive bodies. In the first 
step, a 5 wt.% bentonite suspension is prepared according to DIN 4127, with a swelling 
time of 24 h. The density of the suspension is then increased by adding limestone powder 
to form a High-Density Slurry (HDS). 

In preliminary tests, the rheological parameters of bentonite suspensions with different add- 
itions of limestone powder are investigated to characterise the pumpability. Figure 1 shows the 
influence of the amount of limestone powder added on the measured density of the suspension. 

Preliminary tests show that the used eccentric screw pump achieves the largest pumping 
volume with an HDS with a density of 1.7 g/em?. Further conditioning parameters are sum- 
marised in Table 1. 

The foam system of our research partner MC Bauchemie is shown in Figure 2. The foam gen- 
erator used has an interference-free geometry and enables the foaming of viscous and highly 
viscous media. For the tests, the HDS-surfactant mixture was fed to the generator with the 
eccentric screw pump. Due to the capacity of the pump, 2 l/min could be delivered, which was 
sufficient for foaming the mixture. In follow-up studies, the output shall be increased to achieve 
higher foaming rates (Slurry Foam Expansion Ratio = SFER). For the present test trials on the 
foaming of High-Density suspensions, a foaming rate of SFER = 1.7 was achieved. 
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Figure 1. Influence of the limestone powder on the density of the suspension (measured values and 
empirical trend line). 


Table 1. Conditioning parameters and products used to produce a High- 
Density Slurry (HDS) or SolidFoam™. 


Surfactant product MC Montan Drive FL12 
Bentonite Ibeco S 

Limestone powder (LP) Lhoist Naturkalk (chalk) 3 pm 
Mixing water tapwater, 20°C 

Suspension 5 wt.% 

Surfactant concentration* 6 wt.% 

Density HDS 1.7 g/cm? 

Quantity of limestone powder (LP) 1.8 kg/liter 


*related to the water content of the suspension 


aa Controls 


if 


Figure 2. Foam system and foaming generator for the production of High-Density foam. 


Due to the analytical relationship between the foaming rate and the density as well as the 
relationship between the volume of the SolidFoam™ and the volume of the soil, the following 
equations can be established, which can be used to calculate the Slurry Foam Expansion 
Ratio (SFER) and the Slurry Foam Injection Ratio (SFIR): 
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SFER —PHDS __Qsr | (3) 


PsF ~ Qups 
VsF Qsr 
SFIR = -100 = . 
V, Os 100 (4) 


where SFER = Foaming rate of SF; SFIR = Injection rate of the SolidFoam™ in vol.%; 
PsolidFoam™ = Density of SolidFoam™ in g/cm*; VgotiaFoam™ = Volume of the SolidFoam™ 
in m*; pups = Density of HDS in g/cm*; V, = Volume of the soil in m’; QgotiqFoam™ = Volume 
flow of the SolidFoam™ in l/min; Qs = Volume flow of the soil in m?/s; and Qups= Volume 
flow of the HDS in l/min. 


2.2 Investigated test soil 


The need for soil conditioning in closed mode of an EPB shield depends significantly on the 
grain distribution of the soil. The grading curve investigated here is based on the diagram for 
the extended application range according to Budach & Thewes (2013). As a target value, a grain 
distribution was chosen which is located in the border area of the application range of EPB 
shields with soil conditioning (Figure 3, area II & II). The water content (w) is 3 wt.% due to 
the high gravel content of the soil sample. Due to its fine and medium gravel content, the soil 
compiled in this form cannot be conditioned with foam alone while complying with the limit 
values for workability and water permeability. A slump of between 10 cm and 20 cm was chosen 
as the workability limit (Budach & Thewes, 2015). It is assumed that the maximum permissible 
water permeability k for EPB excavations below the groundwater table is below 1x10° m/s for 
a duration of at least 90 minutes (Budach and Thewes, 2013). This time is assumed to be the 
mean residence time of the excavated soil in the excavation chamber as well as in the screw con- 
veyer and thus takes into account ring building phase or unplanned stoppages during excavation. 
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Figure 3. Investigated soil (yellow) in the grain size distribution diagram for the extended EPB applica- 
tion range according to Budach and Thewes (2013). 


3 CARRIED OUT TESTS 


For a first evaluation of soil conditioning with High-Density Foam, tests on workability (slump 
test) and water permeability are carried out. In the experimental programmes presented in 
Table 2, variations of the conditioning parameters are investigated in order to clarify the influ- 
ence of High-Density Foam conditioning. 


1440 


Four conditioning variations are investigated. The necessity for using HDS is tested by using 
surfactant foam as reference — where as this foam is already well adapted to coarse soils. The 
importance of foaming is demonstrated by conditioning with HDS. Finally, foaming the condi- 
tioning agents to SolidFoam™ is investigated in two variants: once based on common benton- 
ite suspension and once based on HDS. 

For reproducibility, the respective mixing constellations are repeated three times, and the 
mixing of the soil and the mixing of soil and foam is based on a time schedule. Subsequently, 
the installation in the respective experimental setup was carried out. 


Table 2. Experimental programme for the slump tests and the permeability tests. 


Conditioning w [wt.%] Cr [wt.%] density [g/cm] 


none (only permeability tests) 


Foam for coarse soils 3 3 - 
HDS 3 - 1.7 
SolidFoam™ based on Bentonite Suspension 3 6 1.03 
SolidFoam™ based on HDS 3 6 1.7 


3.1 Slump tests 


The slump test serves as an index test to evaluate the workability and flowability of conditioned 
excavated material, which are very important for EPB excavations in closed mode. The target range 
is 10 cm to 20 cm (Thewes & Budach, 2010). Initially, the comparative tests on the influence of the 
fine-grain content and foaming on workability are examined. Conditioning with foam leads to very 
contradictory results. At low FIR < 10 vol.%, the sample shows no flowing behaviour and breaks 
(Figure 4(a)). With foam injection rates > 20 vol.%, the soil can be conditioned into a flowable state 
(Slump = 9 - 19 cm). As shown in Figure 4(b), a significant amount of fluid leaks from the sample. 
Driving in groundwater can lead to rapid flushing of the conditioning agent and an increase in water 
permeability. Conditioning with High-Density Suspension (HDS) with injection rates between 10 
and 20 vol.% does not lead to any flowing behaviour in the samples (Figure 4(c)). 


(a) Foam, FER = 15 (b) Foam, FER = 15 
FIR = 10 vol.% FIR = 30 vol.% 
S=/ S= 19 cm 


Figure 4. Slump test of conditioned sand with various foam FIR (a) & (b) and HDS (c). 


(a) SolidFoam @entonite) (b) SolidFoam qs) 
SFER=4 SFER = 1.7 

SFIR = 20 vol.%; SFIR = 20 vol.-% 
S=21.5 cm S$=21.5 cm 


Figure 5. Slump test with SolidFoam™ based on Bentonite suspension (a) and SolidFoam™ based on 
HDS (b) conditioning. 


The investigated soil can be conditioned with SolidFoam™ based on Bentonite Suspension 
and converted into a processable state ((Figure 5(a)). At higher injection rates > 20 vol.%, 
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a liquid leakage due to draining of the sample can be detected. Due to the lack of fines, the 
soil is not able to completely bind the conditioning agent at these injection rates - despite 
a higher foaming rate. Conditioning with the SolidFoam™ based on HDS leads to the best 
result regarding workability despite a low foaming rate of 1.7. A slump between 12.5 cm and 
21.5 cm is obtained (Figure 5(b)). 


3.2 Water permeability tests 


The supporting medium should, if possible, have a low water permeability of 10° m/s in EPB 
tunnelling (Thewes & Budach, 2013). For the present investigations, the water permeability is 
determined using a method and test setup adapted from DIN EN ISO 17892-11, 2019-11 
(Figure 6) For this purpose, the soil is installed between two filter layers. The installed filter is 
manufactured according to Terzaghi’s filter rule. The conditioned soil is installed under atmos- 
pheric conditions and compacted by hand to avoid air pockets during placement. The set pres- 
sure head is 56 cm, which corresponds to a water pressure of 3 bar. The calculation and 
derivation of the pressure gradient is described by Budach (2012). The measured permeability is 
indicative because the compressibility of the conditioned soil and its effect on compaction of the 
soil under the applied stress due to the hydraulic gradient. However, this method has proven to 
serve well for the comparative evaluation of different conditioning methods. 
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Figure 6. Photo (left) and sketch (right) of the flow path of the sample in the water permeability test. 


The variation of conditioning parameters in the permeability studies indicates that 
conditioning is required for a sandy gravel. Figure 7 shows the results of the permeabil- 
ity tests as a function of the test duration and the conditioning method. Additionally, 
the averaged permeability coefficients are also given in Figure 7. The comparison of the 
different conditioning methods shows that out of all tested variants a SolidFoam™ 
based on High-Density Suspension has the strongest influence on the permeability of the 
soil sample. 


4 COMPARISON OF THE TEST RESULTS 


Conditioning of coarse-grained soil with well adapted foams is theoretically possible, but there 
is only a narrow range of foam injection rates in which the workability and permeability cri- 
teria can be met under laboratory conditions. 

The addition of High-Density Suspension (HDS) does not lead to sufficient workability nor 
to the minimum required water permeability. Conditioning with a foamed bentonite suspension 
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Figure 7. Averaged permeability coefficients k as a function of time and conditioning. 


is successful in terms of workability. This conditioning variant is not sufficient under compli- 
ance with the limit value. The selected SFIR corresponds to the same volumetric quantity as 
for conditioning with an SolidFoam™, SFIR = 15 vol.%. The density of the suspension there- 
fore has a decisive influence on the permeability and is of decisive importance for maintaining 
a permeability below the limit value. 

By conditioning with SolidFoam™ based on High-Density Suspension and three different 
injection rates (SFIR), a good workability (slump = 12.5 - 21.5 cm) was achieved and the per- 
meability strongly reduced. On average, the permeability is between 3.05x107 m/s and 3.6x10° 
m/s (Figure 7), which corresponds to a weakly to very weakly permeable soil. For the param- 
eter combination SolidFoam™, SFIR = 15 vol.%, the conditioned material was completely 
impermeable for 90 minutes. With increasing SFIR, a point is reached where complete satur- 
ation of the pore space is achieved by the SolidFoam™ based on High-Density Suspension. By 
further increasing the SFIR, the loosest compactness of the soil is exceeded. At this 
point, grain-to-grain contact becomes minimal. A further increase of the SFIR leads to 
loss of grain-to-grain contact within the soil matrix, whereby the volume of the condi- 
tioned sample increases, which results in an increase of the permeability of the soil. This 
is also shown by the results of the permeability tests, whereby overconditioning with 
High Density Foam leads to an increase in permeability. This finding is particularly rele- 
vant for practice. 


5 CONCLUSION 


By conditioning coarse and highly permeable soils with a foamed High-Density Suspension, 
both the workability criteria and the water permeability limits are met. Especially in the case 
of water permeability, this new conditioning method creates large reserves, which can be par- 
ticularly useful in the case of unplanned shutdowns of the TBM and high water pressures. The 
addition of limestone powder to increase the density is necessary in any case (Table 3). sum- 
marises the results and findings in a matrix. 


Table 3. Conditioning agents for coarse soils while ensuring workability and compliance with perme- 
ability limits. 


Conditioning High-Density Foam for SolidFoam™ (based SolidFoam™ (based 
Criteria none Suspension coarse soil on Bentonite) on HDS) 
workability X (v) (v) v 
permeability X X (v) X Jv 


X: not achieved; (J): achieved with restrictions; /: achieved 
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When conditioning with a SolidFoam™, a lower foam injection rate is necessary to achieve the 
same slump than when conditioning with foam alone. The reason for this is the introduction of 
fines via the High-Density Suspension . This additional fine content leads to a reduction of the 
pore spaces. As a result, a lower volume addition of SolidFoam™ is necessary to reduce the 
grain-to-grain tension and to increase the flow properties of the soil. Furthermore, it was observed 
that the injected amount of SolidFoam™ has an important influence on the water permeability. 
A too high injection rate causes an increase of the permeability of the soil. The optimum SFIR for 
the present study was 15 % by volume. In contrast, an increase of the density of the suspension 
has a positive influence on reducing the permeability of the conditioned soil, which can be attrib- 
uted to the higher proportion of fines in the soil sample due to conditioning with SolidFoam™. In 
addition, the drainage of foam from the soil-foam mixture is slowed down. The input of foam via 
the suspension was thus a decisive factor in influencing permeability. 
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ABSTRACT: Indentation test is one of the laboratory approaches that is used to predict the 
performance of Raise Boring Machines (RBMs) and Tunnel Boring Machines (TBMs). This test 
is a nonstandard laboratory experiment that was originally developed to provide a method to pre- 
dict the normal force acting on the cutters used on mechanical miners. However, in some cases 
due to difficulties in obtaining rock samples as well as insufficient laboratory equipment it is not 
possible to perform indentation test. In this study, based on the indentation tests on different rock 
samples obtained from raise-boring projects in Turkey, three indentation indices (brittleness indi- 
ces and force index) are obtained; then, the multi-variable correlations between these indices and 
physical-mechanical properties of rocks are investigated. The study indicates that all three indenta- 
tion indices can be estimated by using the velocity of P-wave, static elasticity modulus, Cerchar 
abrasivity index, and Schmidt hammer hardness of rocks. 


1 INTRODUCTION 


The Excavation of underground facilities is one of the most challenging tasks in the mining and 
construction industries. Mechanical excavation as an alternative to other methods has been widely 
used for underground developments. Use of Raise Boring Machines (RBMs) for excavation of 
a circular hole between two levels of underground structures increases day by day due to their 
superior advantages against classical drilling and blasting method. The flexibility in different 
inclinations and diameters is a great advantage of raise boring method compared to drill and blast 
method, in addition to safer and faster excavation (in favorable ground conditions) with lower 
overall cost. However, capital costs of RBMs are higher and they are not able to cut economically 
very hard and very abrasive rocks (Bilgin et al. 2014). 

There are many case studies about raise boring operations in literature. However, there is quite 
limited studies on performance prediction models for RBMs. Shaterpour-Mamaghani and Copur 
(2021) summarized some of the RBMs performance prediction models available in the literature. 
Most of the proposed models are based on the empirical approaches using intact and mass rock 
properties (such as uniaxial compressive strength, Brazilian tensile strength, Schmidt hardness, 
RQD, etc.), and mechanical (machine related) parameters (such as effective bit numbers, reaming 
diameter, etc.). Indentation (punch or stamp) hardness test is one of the laboratory approaches 
that is used for predicting penetration rates of Tunnel Boring Machines (TBMs) and RBMs. 


DOI: 10.1201/9781003348030-172 


1445 


The indentation test is a nonstandard laboratory experiment that was originally designed to 
provide a direct method to predict the normal force acting on button and disc cutters used on 
mechanical miners (Dollinger et al. 1998). The main approach is to predict forces, which would 
act on an actual cutter, by curve fitting of the force-penetration data obtained from indentation 
tests. This approach firstly was applied in the metals, and then, in other materials such as 
ceramics and rocks. The literature survey shows that the shape and size of indenter and coeffi- 
cient of friction between indenter and material are two important factors in the indentation test 
analysis. The formation of chips is another investigated subject on the indentation tests. Sikars- 
kie and Altiero (1973) stated that the indenter was firstly forced into the material causing local 
comminution (crushing). Then, as the indenter load (force) and penetration increased, stresses 
were finally induced in the surrounding material mass sufficient to cause incipient fracture, 
fracture growth, and finally, a chip was formed. Hood (1977) mentioned that the penetrating 
force that was necessary for cutting rock with a drag bit was lower than the penetrating force 
that was necessary to punch into rock. Lawn et al. (1980) observed that a high value of the 
ratio of hardness to elasticity modulus gave preference to median cracks, while radial cracks 
would dominate as this ratio decreased. Lindqvist (1984) expressed that the rock behavior in 
indentation was affected by three parameters as rock properties (material class, mechanical 
properties, porosity), environment (confining pressure, temperature), and type of loading (tool 
shape, loading direction, load level, loading rate). The forming of chips in short time (as soon 
as possible) is preferred situation in cutting process with TBMs and RBMs because it is the 
most efficient and energy saving way to excavate hard rock. In the reaming operation of 
RBMs, the forming of chips occurs when sufficient passes of the cutters have been made to 
achieve the shear failure between insert pressure bulbs (Atlas Copco 2008). 

This study is performed on the rock samples with igneous, sedimentary, and metamorphic 
geological origins collected from Balya Lead-Zinc Underground Mine and Adiyaman Copper 
Mine in Turkey. The core samples are obtained from the shaft areas to perform indentation 
tests (by an insert tip with a diameter of 22.2 mm and width of 11 mm) and define some import- 
ant physical-mechanical properties. The results obtained from the physical-mechanical property 
tests are used as input parameters to develop new models for predicting different indices 
obtained from the indentation tests. 


2 FIELD STUDIES 


Balya Lead-Zinc Underground Mine and Adiyaman Copper Mine facilities in Turkey were 
visited to obtain core samples and recording operational-performance parameters for both pilot 
hole drilling and reaming operations (Table 1). Balya Lead-Zinc Underground Mine is located 
in the 50 km northwest of Balikesir city in western of Turkey. The sublevel stoping method is 
used for extraction and total depth of mine still keeps increasing. Adiyaman province is located 
in the western end of the Middle Euphrates part of the Southeastern Anatolia Region of 
Turkey. The underground copper mine in Celikhan district was started in 2017. 


Table 1. General information about the raise boring operations visited in Turkey (Shaterpour-Mama- 
ghani and Copur 2021). 


Dp D, a L Er (days) 
Year Location Name Scope (m) (m) (°) (m) PH R 
2017 Balya Shaft 5.2 Ventilation 0.31 2.44 68 331.4 38 63 
2019 Adiyaman Shaft 2 Ore pass 0.28 1.80 70 110.0 6 5 


Dp pilot hole drilling diameter, D, reaming diameter, a raise inclination, L raise length, Er excavation time, PH 
pilot hole drilling time, R reaming time. 


Two different brands of RBMs were used in these projects. Sandvik (Rhino 1088 DC) RBM was 
used in Balya Lead-Zinc Underground Mine and Atlas Copco (73RH C) was used in Adiyaman 
Copper Mine. Sandvik RBM is a hydraulically driven rig with maximum 4,000 kN operating 
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thrust. The machine is capable of operating at a torque of 300 kNm in pilot hole drilling and 160 
kNm in reaming operation. In addition, it is capable of operating at a rotational speed of 60 rpm in 
pilot hole drilling and 21 rpm in reaming operation (Figure la). Atlas Copco RBM is 
a hydraulically driven rig with maximum 4,159 kN operating thrust. The machine is capable of 
operating at a torque of 210 kNm in pilot hole drilling and 173 kNm in reaming operation. In add- 
ition, it is capable of operating at a rotational speed of 52 rpm in pilot hole drilling and 17 rpm in 


b) Atlas Copco (73RH C) 
Figure 1. Pictures of the raise boring machines, tricone bit, and reamerhead used in the investigated projects. 
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Figure 2. Daily and cumulative advance rates during reaming operations of the investigated projects. 
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reaming operation. The basic specifications of the two RBMs may be assumed to be very similar 
(Figure 1b). Average daily advance rates of the reaming operations were 5.3 m/day and 22.0 m/day 
in the Balya and Adiyaman projects, respectively. Two shifts/day working pattern was applied in 
Adiyaman project, but one shift/day working pattern was applied in another project. Figure 2 
shows the daily and cumulative advance rates in the reaming operations of the investigated projects. 
Totally 11 different rock samples representing different geological origins and lithological units were 
collected from the investigated projects (Table 2). The samples were obtained from the core boxes of 
the boreholes drilled in the sites being cored mostly very close to the shafts. 


Table 2. Information about the rock samples collected from the investigated projects (Shaterpour- 
Mamaghani and Copur 2021). 


Sample Project Location Sampling Distance 

(Rock) ID Lithology Geological Origin (Shaft Name) to Raise (m) 

1 Dacite Igneous Balya (Shaft 5.2) 1.5 
Hornfels Metamorphic Balya (Shaft 5.2) 1.5 

3* Andesite Igneous Balya (Shaft 5.2) 1.5 

4 Pyrite ore Igneous Balya (Shaft 5.2) 1.5 

(Hydrothermal) 

5 Limestone-1 Sedimentary Balya (Shaft 5.2) 1.5 

6 Metasedimentary Sedimentary Balya (Shaft 5.2) 1.5 

7 Limestone-2 Sedimentary Balya (Shaft 5.2) 1.5 

8** Skarn Metamorphic Balya (Shaft 5.2) - 

GEEF Basalt/Marble/ Igneous/Metam./Sed. Adiyaman 20-130 
Dolomite (Shaft 2) 


* To obtain representative sample of this zone (locally named as fault zone rock in the related mine) only 

the high-quality intact samples were selected for performing the laboratory tests. 

** Tt is not possible to obtain core samples at the shaft location for this lithology. However, the core 
samples were obtained from the block sample (used in the full-scale linear cutting test for another 
purpose) located at some distance from the shaft location. 

*** Basalt, marble, and dolomite were excavated in Adiyaman Project (Shaft 2) with raising length of 
110 m. When the performance was being measured, it was not possible to distinguish the different 
lithological units (performance was averaged arithmetically for complete raising length). The thick- 
nesses of these lithologies were reported to be close to each other. Therefore, each lithological units 
of the Sample ID 9 were tested and the results were averaged arithmetically (not thickness weighted). 


3 EXPERIMENTAL STUDIES 


3.1 Physical-mechanical property tests 


The suggested methods by International Society for Rock Mechanics (ISRM 2007) are applied 
on uniaxial compressive strength and static elasticity modulus tests. Acoustic wave velocity tests 
are performed based on ASTM D2845 (2008). Schmidt hammer tests are carried out with an 
L-type Schmidt hammer at twenty different points on surface of each block samples and 
repeated at least three times for each block samples based on the procedure described by Fowell 
and McFeat-Smith (1976). The Cerchar abrasivity index tests (CAI) are carried out based on 
ASTM D7625-10 (2010). The results of the physical-mechanical property tests performed on the 
core samples are summarized in Table 3. 


3.2 Indentation tests 


The rock samples with the diameter of 54 or 63 mm are used in the present study, except for dolo- 
mite, basalt, and marble samples with diameter of 47 mm. The length to diameter ratio is kept as 
~1.5; the top and bottom surfaces of the cores are sawn flat (although the bottom surface is not 
required to be flat). The steel ring with an inner diameter of 110 mm, outer diameter of 126 mm, 
length of 100 mm, and wall thickness of 8 mm are used in the indentation test. The uniaxial com- 
pressive strength and elasticity modulus tests are performed on different plaster materials to select 
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Table 3. Results of the physical-mechanical property tests for the core samples taken from the shaft 
locations (Shaterpour-Mamaghani and Copur 2021). 


UCS Esta Vp Vs SHH CAI 
Sample ID (MPa) (GPa) (m/s) (m/s) - - 
1 74.3 32.12 3,679 2,087 52.2 3.16 
2 85.7 16.35 3,440 2,113 46.3 2.29 
3 211.4 34.10 3,316 2,169 59.1 3.71 
4 126.7 23.62 2,578 1,705 39.1 2.85 
5 74.5 21.42 3,158 1,956 39.4 1.28 
6 133.2 19.37 3,592 2,280 54.0 2.97 
7 115.8 28.27 3,509 2,079 49.7 3.53 
8 88.4 22.87 3,005 1,784 52.7 2.21 
9 58.5 14.52 2,815 1,594 36.6 1.84 


UCS: uniaxial compressive strength, Esta: static elasticity modulus, Vp: velocity of P-wave, Vs: velocity of 
S-wave, SHH: Schmidt hammer hardness, CAI: Cerchar abrasivity index. 


the most suitable plaster for indentation test. The test results indicate that alpha plaster is the 
most suitable plaster for the indentation tests. The core samples are centered in the steel rings, 
then alpha plaster is used to fill the remaining gap between the core sample and steel ring. Finally, 
the bottom part of steel rings is flattened with rasp and sandpaper after 28 days curing time. 

The indentation test equipment consists of a stiff press (used also for compressive strength and 
elasticity modulus tests) that pushes an indenter fixed to the upper platen of the load cell of the stiff 
press to the center of a core sample surface pre-cast with hydrostone (alpha plaster) in a steel tube, 
of which their features are given above, after the data acquisition system is activated. The indenter is 
penetrated into the sample at a constant rate of 0.0254 mm/s until the 5 mm displacement is reached. 
The data sampling rate is 20 Hz. The indenter used in this study is a real life insert used in the 
button cutters of the RBMs of the investigated project sites and made of tungsten carbide. It has 
a diameter of 22.2 mm and width of 11 mm and its edges are rounded. Figure 3 shows the indenter 
and other apparatus used in the indentation tests. 


Figure 3. Indentation test apparatuses and set-up. 


The simultaneously recorded data in acquisition system includes time, penetration, and 
applied force. Different indices are calculated to correlate with the physical and mechanical 
properties of the samples. These indices are given by Equations 1-3: 


Bln _ Fmax (1) 
P 
Piec 
Bh = 2 
l Pinc ( ) 
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m » Fdec 
7 k- Fine (3) 


FI, 


where BI is brittleness index and FI is force index. BI, (in kKN/mm) is estimated from maximum 
applied force (Fmax) and penetration value (p) at this force (Yagiz 2009); BI, is estimated from 
average decrement period (Paec) and average increment period (Pinc), and FI, is estimated from 
sum of decrementing forces (m.F4ec) and sum of incrementing forces (k.Fin-) (Copur et al. 2003). 
The results of indentation tests on the core samples obtained from the different raise boring pro- 
jects are summarized in Table 4. As seen, brittleness index (BI,,) varied between 19.34 and 99.34 
kN/mm. In addition, BI, index varied between 0.051 and 0.403. Moreover, force index (FI,) 
changed between 0.012 and 0.330. 


Table 4. Summary of indentation test results and different indices calculations. 


Frmax p Bln BI, FI, 
ID (kN) (mm) (kNImm) (-) (-) 
1 111.82 1.61 69.56 0.087 0.030 
2 217.73 2.49 87.34 0.075 0.163 
3 112.19 2.04 55.06 0.187 0.102 
4 90.96 4.70 19.34 0.338 0.283 
5 102.79 1.72 59.82 0.082 0.028 
6 222.87 2.24 99.34 0.051 0.014 
7 232.86 4.59 50.76 0.403 0.330 
8 87.27 1.21 71.93 0.054 0.012 
9* 128.21 3.62 35.43 0.215 0.273 


Fmax: Maximum applied force, p: penetration at maximum force, BI: brittleness index, FI: 

force index. 

* In the field, these rocks were excavated by the insert tip having a width of 9 mm, 
while the other rocks were excavated by inserts having a width of 11 mm. 
The indentation tests are performed by an insert tip having a width of 11 mm 
and the difference is neglected in this study. 


4 SUGGESTION OF EMPIRICAL MODELS 


This study aims at investigating correlation between indentation indices (output parameters) 
and physical-mechanical properties of rocks (input parameters). In the modeling studies, mul- 
tiple regression analyses are performed to obtain best relationships between input and output 
parameters. In multiple regression analysis, stepwise method is used to develop models. Min- 
imum confidence limit is taken as 90%, which requires maximum significance value of 0.10. 
Variation inflation factor (VIF) is also taken into consideration, as it should be lower than 10, 
to avoid any multi-collinearity problem (high correlation (R20.85) between the independent/ 
predictive parameters), which might generate erratic predictions especially at around the 
model limits/boundaries. Strengths of relationships are evaluated based on the adjusted coeffi- 
cient of determination (R°) as moderately strong between 50 and 69%, strong between 70 and 
89% and very strong if it is greater than or equal to 90%. Statistical “t” (two-tailed) and “F” 
(one tailed/right tail) tests are also taken into consideration, requiring that their estimated 
values must be greater than their tabulated values. Reliability of the models developed are 
also evaluated based on scatterplots of the measured (realized) versus predicted performance 
and operational values together with the 1:1 line. 

The reliable results of the modeling studies for predicting indentation indices based on phys- 
ical-mechanical properties of the core samples are summarized in Table 5 for inclined raise 
boring data. BI,, index is estimated with a moderately strong relationship based on the velocity 
of P-wave and static elasticity modulus. BI, and FI, indices are estimated with moderately 
strong relationships based on the Cerchar abrasivity index and Schmidt hammer hardness. 
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Table 5. Models developed for predicting the indentation indices for inclined raise 
boring datasets based on physical-mechanical properties of the core samples. 


Equation No. Parameter Equation R? (%) 
4 Bln Bly = 0.0609 V,, — 1.72 Esta — 95.8 67 
5* BI, BI, = 0.222 CAI - 0.0215 SHH + 0.590 71 
6* FI, FI, = 0.185 CAI — 0.0219 SHH + 0.682 62 


Note-1: Notations of the parameters are as given in Tables 3 and 4. 


Note-2: R? values are adjusted values. 


* The data for sample ID 8 is removed as outlier in these models. 


The statistical results for Equations 4-6 are summarized in Table 6. All of the developed equa- 
tions pass the statistical tests. Scatterplots of the measured versus predicted values of these equa- 
tions are shown in Figure 4. These equations are moderately strong/strong in terms of coefficient 
of determination with some scatter (relatively higher scatter in Equations 5 and 6) reducing their 


reliability although general trends are seen along the 1:1 line. 


Table 6. Statistical results for the models developed for the indentation indices of inclined raise boring 


dataset. 
Equation Estimated Tabulated R? Adj Estimated Tabulated 
No. Predictor t-value t-value pvalue VIF (%) R?(%) F-value F-value 
4 Constant -2.19 1.86 0.071 - 75.3 67.0 9.13 3.46 
Vp 4.22 0.006 1.1 
Esta -2.16 0.074 1.1 
5 Constant 3.48 2.36 0.018 = - 79.2 70.9 9.54 5.79 
CAI 4.25 0.008 2.7 
SHH -3.96 0.011 2.7 
6 Constant 3.64 2.36 0.015 - 73.1 62.3 6.79 5.79 
CAI 3.20 0.024 2.7 
SHH -3.65 0.015 2.7 


Equation 5 


Figure 4. Scatterplots of the measured versus predicted indentation indices of inclined raise boring dataset. 
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5 CONCLUSIONS 


This study is an attempt to correlate the indentation indices with the physical-mechanical properties 
of rock samples obtained from the inclined shaft locations excavated by raise boring machines. Two 
brittleness indices obtained from the indentation tests using an insert of the raise boring machine 
observed in the field and one force index, which are or may be used for estimation of excavation 
performance of mechanical miners, are correlated with different physical-mechanical properties of 
rock samples. It is observed that Cerchar abrasivity index and Schmidt hammer hardness can be 
used to estimate BI, and FI,. Velocity of P-wave and static elasticity modulus can be used to esti- 
mate BI,,. In the cases that it is not possible to perform indentation test, the suggested models in 
this study could be used to estimate the indentation indices based on the mentioned physical- 
mechanical properties of rock samples. This study may be further continued to develop more 
generalized, reliable, and precise correlation models with adding more rocks with varying range of 
properties obtained by performing indentation tests and physical-mechanical property tests. 
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Validity of stickiness and consistency index in assessment of 
cutterhead clogging potential of cohesive soils 
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ABSTRACT: Cohesive soils are reported to have the highest cutterhead clogging potential in 
the consistency index (/,) range of 0.50-0.75. The stickiness index (A) determined from laboratory 
mixing tests on a soil sample has been used as an indicator of clogging potential. However, the 
values of 2 that define the range of a clogging potential category are yet to be validated using the 
data from mixing tests conducted on a wide variety of soil types from different projects whose 
cutterhead clogging behavior is documented. In the present study, mixing tests were performed 
on six different clayey soils covering the J, range between 0 to 1 to study the influence of soil type 
and specimen volume on the variation of 2 with Z.. From the test results, it is observed that mag- 
nitude of Ajax (maximum stickiness index) varies for different soil types, whereas the critical Z. 
corresponding to Ajax (lece) falls within a unique range (0.8-1.0) for all the soil types tested. The 
results from mixing tests conducted in the study are compared with the data from the literature 
that corroborated with the findings of the present study. The dependency of Amax on soil type 
suggests that the clogging potential criterion solely based on 4 value may not provide a complete 
picture of soil’s clogging potential. A two-fold criteria in which soil in its critical Z. range is tested 
for 2, and the clogging potential is then determined by comparing the laboratory 2 with the 
values of 2 obtained from tests on in-situ soils whose clogging potential behavior is known, pro- 
vides a promising approach to determine soil’s clogging potential from laboratory tests. 


1 INTRODUCTION 


1.1 Background 


Earth pressure balance tunnel boring machines (EPBMs) are designed to make use of excavated 
soil as a support medium for balancing the tunnel face pressure, while simultaneously processing 
the soil through the cutterhead, chamber and screw conveyor. The excavated soil, therefore, 
needs to have specific properties in the desired range to aid in the excavation process. Based on 
support pressure evaluation requirements from various projects, Maidl (1995) suggested desired 
ranges for the soil properties listed in Table 1. One of the challenges faced in EPBM tunneling 
in cohesive soils is cutterhead clogging due to cohesive soil’s stickiness behavior. Hollman and 
Thewes (2013) report clogging to be predominant in the consistency index (/,) range of 0.5-0.75. 
The range of Z, with high clogging susceptibility (high stickiness) spans most of the J, range for 
the material flow criteria (0.4-0.75). This situation significantly narrows the range of J, values 
(0.4-0.5) that can satisfy both the low clogging and material flow requirement criteria for 
EPBM application. Hence, soft or medium clays with very high clogging potential risk (J, = 
0.5—-0.75) are mixed with conditioners such as foam and polymers to maintain the material flow 
characteristics and to reduce the clogging potential. The determination of clogging potential of 
a soil type has been assessed using the clogging potential chart given by Hollmann and Thewes 
(2013) and also by the stickiness index (A) of the soil determined using the laboratory mixing 
tests (Zumsteg et al., 2013, Oliveira et al., 2019). The present study examines the applicability of 
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the 4 and J, based clogging potential criteria that aim to predict the clogging of cohesive soils 
observed in the field. 


Table 1. Soil properties and their desired ranges for EPB tunneling. 


Soil Property Range/Value 

I. (material flow criteria) 0.40-0.75 

I, and Plasticity index (J,) (low stickiness criteria) Ie < 0.50 and J, < 20% 
Permeability (X) < 10° m/s 


2 CURRENT PRACTICE IN EVALUATION OF CUTTERHEAD CLOGGING 
POTENTIAL 


2.1 Clogging potential chart 


A clogging potential criteria chart (Figure 1) for cohesive soils was developed by Hollmann 
and Thewes (2013) from the data of slurry shield and open shield tunneling projects. In the 
original version of the chart by Thewes (1999), the in-situ 7. values of clogged soils obtained 
from slurry shield machines were plotted versus soil J, values. The range of values on both axes 
where most of the data points clustered was established as the criteria for clogging potential in 
terms of J, (0.75-1.25) and J, (>20%), and was valid only for the slurry shield drives (Hollmann 
and Thewes, 2013). However, in the case of EPB open shield tunneling, the low availability of 
water led to clogging in soils will 7. values from 0.50-0.75 (Hollmann and Thewes, 2013). This 
led to redefining the strong clogging potential criteria as J, = 0.50-0.75 (soft to medium) by 
Hollmann and Thewes (2013) for soils in the excavation chamber using data from 150 clogged 
samples obtained from different tunneling machines. 


Ip 70% Ip 60% Ip 50% 


Ip 40% 
Ip 30%. 
Ip 20%. 
Ip 10% 


Ip 0% 


Water content in 
steps of 5% 


Difference: liquid limit - water content [WL-Wn] 


> 


+ > al 
-50% -40% -30% -20% -10% 0% 10% 20% 30% 
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n) A) C a) [Fa] tunes 


Figure 1. The clogging potential chart by Hollmann and Thewes (2013). 


Figure | Helps in gaining important first-hand information on a soil’s tendency to clog based 
on in-situ J, and available w during excavation. Figure 1 has an implicit assumption that for all 
soil types the variation of stickiness and adhesion, or any other inherent clay property that gov- 
erns cutterhead clogging potential with J, is identical. Hence, this assumption necessitates quan- 
tifying the variation of laboratory-determined clay properties (viz., adhesion, stickiness index, 
etc.) that could influence/indicate clogging, with J, for different soil types. It is also important 
to validate the consistency of the critical Z. (Iecr) where the determined clogging indicating par- 
ameter (viz., adhesion, stickiness index, etc.) is found to be maximum among various soil types. 
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2.2 Stickiness index (2) 


The most recognized effort in quantifying the stickiness of cohesive soils in the laboratory was 
performed by Zumsteg and Puzrin (2012) through the empirical stickiness index (4). The 4 is 
defined as the percentage of an approximately 2 kg soil sample that is retained on the mixing 
tool after mixing for a particular duration (3 minutes) at a particular speed (100 rpm). The vari- 
ation of 2 with J, has been used to define the critical Z, range corresponding to the maximum 
value (max) and a range of 4 for the soil where a high clogging tendency could be expected. The 
mixing test was developed to quantify the relative (to unconditioned soil) efficiency of soil con- 
ditioners in reducing the stickiness and adhesion of cohesive soils (Zumsteg and Puzrin, 2012). 
However, to extend these results (the critical J. range obtained from the mixing test) to the 
evaluation of the cohesive soil’s clogging potential, they need to be validated against the Z. 
range observed in the field for the clogging of such soils under EPBM mining conditions. 

Zumsteg et al. (2013) showed that the critical 7. range (0.8-1.1) obtained from the mixing 
test lined up with the J, range (0.75-1.25) of the high clogging potential category in the chart 
given by Thewes (1999) (see Figure 2). However, the critical J, range in the clogging potential 
chart of Figure 2 was obtained from slurry shield drives and hence should not be used to valid- 
ate the results from the mixing test to identify clogging potential of EPB drives. Ideally, the 
critical 7, range obtained from the mixing test should be compared with the field-obtained gen- 
eric critical J, range (0.5—0.75) given in Figure 1 to validate the consistency between the labora- 
tory-determined and on-field Zer since the Iecr range in Figure 1 is based on data comprising 
several soil types and different tunnel drives. 


== Bentonite /, = 57% 


Consistency index, /, 


o 10 20 30 40 50 o 0-2 0-4 0-6 o8 
Plasticity index, /,: % à = Gur!Gror 


Figure 2. Comparison of critical J, range from mixing test (Zumsteg et al., 2013) and clogging potential 
chart from slurry-shield TBM data (Thewes, 1999). 


2.3 Modified stickiness index (Af) 


A modification to the mixing test was suggested by Oliveira et al. (2019) to incorporate the 
on-field clogging behavior observed in residual or mixed clay-sand soils on the Singapore 
project. Here the J, where 4 was maximum did not necessarily always result in cutterhead 
clogging as the soil was easily removed upon slight disturbance (vibrations etc.). Hence, Oli- 
veira et al. suggested that the 2 should be measured after allowing the mixer blade with the 
retained soil mass to drop freely from a designated height. In a revised technique developed 
by Oliveira et al. (2019), the mixer blade is dropped seven times from a height of 37.5 cm, 
and the average 4 (Ax) is determined for a I.. Tests were performed on commercially avail- 
able clay minerals and mixtures of these clays with sand in varying proportions to replicate 
different soil types in terms of plasticity. The total wet mass of the specimens tested varied 
from 400 to 1200 g. The procedure also improved the repeatability of the test results in the 
determination of 4. The final value of 4, Ar, was obtained after accounting for the cleaning 
effort taken to clean the mixing bowl, CBractor. This Ap Ay/CBractor) was used to re-classify 
the clogging potential criteria as given in Table 2. 

An important suggestion was made in the study (Oliveira et al., 2019), that defining “ideal” 
consistencies of soil might not be appropriate because the critical 7, range where the maximum 
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Table 2. Clogging potential of soils based on / and Ap. 
Clogging potential A (Zumsteg et al., 2013) Ar (Oliveira et al., 2019) 


Low < 0.2 < 0.27 
Medium 0.2-0.4 0.27-0.48 
High > 0.4 > 0.48 


Ar values occurred varied based on the soil type (kaolinite: J, = 0.4-0.7; bentonite: J, = 0.6- 
0.9). Hence, the recommendation by Maidl (1995) that soils should have an ideal consistency 
in the range of 0.4-0.75 for EPBM tunneling would face a problem in low plasticity soils like 
kaolinite, which show a strong clogging tendency across the entire range of I.. The conclusions 
from the study of Oliveira et al. (2019) necessitate that an ideal J, is found for each project 
during preliminary laboratory investigations and that it be verified during tunneling by testing 
the soils excavated from the EPBMs. This would enhance the applicability and confidence in 
the methodology adopted when applying for new projects with similar geological and geotech- 
nical (sub-surface) conditions. 

Therefore in the present study, the mixing test used by Zumsteg and Puzrin (2012) was adopted 
due to the consistency of results observed with regard to the critical J. range (0.8-1.1) obtained for 
different soil types and the simplicity of the test procedure. Tests were performed on artificial soils 
formed of kaolinite and bentonite powder, and mixtures of kaolinite and bentonite with sand 
(two compositions of each mixture), designated K:S and B:S respectively, to study the influence of 
various soil types quantified in terms of varying plasticity index (/,) on the Amax and critical J, 
range. Further, insights into the effect of specimen volume (V) is also provided by using these as 
additional test variables. The results are compared and discussed with those existing in literature 
to discuss the uniqueness of max and the critical 7, range of various soil types in the context of 
their applicability to determine the clogging potential of all fine-grained soil types. 


3 MATERIALS AND METHODS 


3.1 Materials 


In the present study, commercially available clays were tested, namely kaolinite (K), benton- 
ite (B), and their respective mixes with sand at three different clay:sand proportions (100:0, 
70:30 and 30:70) by dry weight. The pure clay specimens (100% commercial clay powders by 
dry weight) were mixed with sand passing a 2 mm sieve to obtain clay:sand mixtures of the 
required mix proportion. A total of six mixes, three belonging to the kaolinite- and benton- 
ite-based mixtures were tested (see Table 3). To discern the effect of sample volume (V), spe- 
cimens were tested at two different total volumes (200 cc and 400 cc) of the wet specimen. 
The total wet volumes were computed by using the measured total dry mass and specific 
gravity of the soil solids, and the volume of the water added. A minimum of two trials were 
conducted on every specimen that was tested to quantify the repeatability. The soil properties 
and the test variables (J,, V, and clay content) of the present study are given in Table 3. 


3.2 Mixing test 


The mixing tests as described in Zumsteg and Puzrin (2012) were performed using a KitchenAid 
mixer with a coated mixing tool (see Figure 3a). The required quantity of dry soil mass and 
water were added to the mixer bowl to attain a target 7.. Each specimen was mixed for 3 min at 
a speed of 100 rpm. The mass of soil retained on the blade was measured (see Figure 3b), and the 
stickiness index (4) was calculated as the ratio of soil mass retained to the total soil mass used in 
the test. First, to ascertain the effect of specimen quantity on A, all samples were tested using two 
different specimen volumes at each J, immediately after mixing (t = 0 h). For kaolinite, the 400 
cc volume corresponded to a total specimen mass ranging between 620-760 g for an J, ranging 
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Table 3. Properties and test matrix of the soil samples used in the mixing test. 


Clay content 


Soil Designation LL* PL** Ip L V (cc) (% of dry weight) 

Kaolinite K 75 32 43 -ltol 200 100 
Otol 400 

Kaolinite: Sand K:S (70:30) 62 27 35 0 tol 200 70 
0.9to1.3 400 

Kaolinite: Sand K:S (30:70) 40 18 22 -ltol 200 30 
Otol 400 

Bentonite B 393 34 359 -Itoll 200 100 
Otol 400 

Bentonite: Sand B:S (70:30) 350 30 320 Otol 200 70 

400 

Bentonite: Sand B:S (30:70) 201 19 182 -Ito 1 200 30 

Otol 400 


* LL - liquid limit; **PL - plastic limit 


from 0 to 1, whereas for bentonite in the same range of I., the total specimen mass ranged 
between 450-750 g. For the 200 cc specimen volume test, the total soil mass values ranged 
between 310-380 g and 225-375 g for kaolinite and bentonite, respectively. 


(a) f (b) 
400 cc 
200 cc 
0.9 (400 cc), A 
k 0.75 (200 cc) 05 oe 


Figure 3. (a) Test apparatus used for mixing test, (b) Photographs of the mixing tool from the mixing 
test of kaolinite having specimen volumes of 200 cc and 400 cc. 


4 RESULTS 


4.1 Effect of specimen volume (V) 


The results of the mixing tests performed on all kaolinite samples K, K:S (70:30), and K:S 
(30:70) for specimens of different 7. and V are plotted in Figures 4a, b, and c, respectively. 
Mixing test results performed on all bentonite specimens B, B:S (70:30), and B:S (30:70) are pro- 
vided in Figures 5a, b, and c, respectively. Uncertainty bars show the standard deviation of the 
results (A value) obtained from multiple trials and is a measure of the repeatability of the results. 
From the results, the effect of specimen volume (V) is negligible for almost all specimens (with 
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an exception of pure K and B samples’ at J, = 0.9) as the difference obtained in å is well within 
the repeatability range. For the samples K:S (70:30), 400 cc samples were tested at a higher [, 
range of 0.9-1.3 to complete the trend of 2 versus Z. beyond the plastic limit of soils (7, = 1). The 
tests performed on the specimen at J, ~1 on both 200 cc and 400 cc samples resulted in an over- 
lapping range of 4 values, allowing for the assumption that the change in V at other J. < 1 also 
would not significantly affect the conclusion made on the effect of V on the 2 determination. 
Zumsteg and Puzrin (2012) and Oliveira et al. (2019) performed mixing tests using approxi- 
mately 2 kg of wet soil, which amounts to V ~ 1200 cc, three times greater than the largest 
V (400 cc) used in the present study. However, there is no change in the results of the range of 
critical consistency index (J,,,) due to this change in V as shown later in Figure 8b. 
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Figure 4. The plot of the variation of A with Z. for pure kaolinite (K) and kaolinite mixed with sand (K:S). 
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Figure 5. The plot of the variation of A with Z. for pure bentonite (B) and bentonite mixed with sand (B:S). 


4.2 Effect of soil type on Amax and Lect 


The results of the mixing tests on specimens were averaged after finding no effect of V on the 
À values obtained. The resulting unique / versus 7, series obtained for three each of the kao- 
linite- and bentonite-based samples are plotted in Figure 6a and b, respectively. It is evident 
that the K and B fraction affects the observed å values. Clearly, in both kaolinite and benton- 
ite samples, a reduction in the clay content (decreasing 7,) significantly decreases the An ax 
value obtained. However, no such effect of changing clay content on the critical Ze (Iecr) is 
observed. A slightly different trend of 2 versus J, is obtained for B specimen where higher 
values of 4 (>0.35) seem to span across a wider J, range when compared to B:S samples that 
have Ajax Corresponding to an Z.. 

The åmax and the corresponding Tec are plotted versus Z, to decipher the influence of different 
soil types (Figures 7a, b). This will also help validate whether 41,,,,. and/or Iecr obtained from 
laboratory mixing tests could be used as a clogging potential indicator. From Figure 7a, a clear 
increase iN max is observed with an increasing plasticity index of soils formed using the same 
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Figure 6. The averaged 4 versus J, plots from results obtained on specimens belonging to different V. 
(a) kaolinite samples and (b) bentonite samples. 


clay mineral. However, there is no correlation when all the samples from K:S and B:S mixes are 
considered together. The trends reveal that J, alone cannot be directly used to predict the sticki- 
ness index of soil. The different mineralogy and resulting surface characteristics of the two clay 
types used in the study might be affecting the adhesion behavior of the mixes and influencing 
the amount of soil that sticks to the mixing tool. A case in point is the low 4,,,, of the pure 
B sample (right-most red square in Figure 7a) compared to the pure K sample (topmost black 
dot in Figure 7a) despite B having a very high Z, compared to the sample K. Also, the large 
variability in the magnitude of 2,,,., (0.15-0.65) seen in Figure 7a for various samples renders it 
difficult to arrive at a unique A,,~, value that could indicate a high clogging potential. 

The plot of Tec versus J, in Figure 7b shows that the maximum stickiness index, irrespective 
of their magnitude, as determined from laboratory mixing tests for all soil types tested occurs 
within the J. range of 0.8-1.0. From these results it appears the soils with J, between 0.8-1.0 
are prone to high stickiness and hence would have high clogging potential in the field. How- 
ever, the 0.8-1.0 J, range is in disagreement with the critical J, = 0.5-0.75 range with the high- 
est on-field clogging potential recommended by Hollmann and Thewes (2013). 
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Figure 7. The influence of different soil types (plasticity index) on Aya, and Iecr- 


5 DISCUSSION 


In Figures 8a and b, Amax and Iecr versus J, from the present study are plotted along with 
results available from (Oliveira et al., 2019, Zumsteg and Puzrin, 2012) studies. For various 
soil types tested, we observe a different 1,4, ranging between 0.15-0.65 and corresponding Iecr 
within a common range of 0.8-1.0. The max obtained from the present study for all types of 
soils (solid markers) is lower compared to those reported in the literature (open/hollow mark- 
ers in Figure 8a). This may be attributed to the very large specimen V used in the studies from 
the literature. However, even in the other two reported studies, where a similar mixer and 
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blade type were used, the range of 2max values was 0.50-0.80 for different soil types with Z, 
ranging from 6 to 433. It is interesting to note that a specimen with J, =6 shows a å value as 
high as 0.8 (leftmost blue circle in Figure 8a). While the 2,,,,. = 0.50—0.80 seems to justify the 
high clogging potential criteria based on åp > 0.48 given in Table 2, it should be noted that the 
is Ay is typically lower than 4, and most importantly, occurs at different consistency index for 
different soils. It is also unclear as to the basis on which the limiting values of A and åp delin- 
eating the clogging potential given in Table 2 were arrived. In summary, the variability 
observed in 4 values due to variations in soil type, mineralogy, and even test procedure renders 
it difficult to arrive at a general clogging potential criterion based on å applicable to all soils. 

On the other hand, Figure 8b shows the Zec at which the 2,,,,, values are observed. To charac- 
terize the effect of soil type, Iecr is plotted versus J,. All ecr values observed in the study fall within 
the limits of 0.8-1.0. Even among the data from the literature, most of the Ze is found in this 
range except for (i) a pure B sample (right-most blue square) which shows a widespread [,., range 
of 0.5-1.0, and (ii) a K:S (30:70) sample (leftmost blue circle) from the study of Oliveira et al. 
(2019) with lowest Z, (=6). Overall it could be concluded in the case of Z that for all soil types 
laboratory determined critical J, with the highest stickiness occurs between J, = 0.8-1.0. However, 
the critical 7, range (0.8-1.0) from the mixing tests do not match with the 0.5-0.75 range provided 
by Hollmann and Thewes (2013) in Figure 1. Most likely, there exists a correlation factor between 
the critical J, range determined from the laboratory tests and the one where clogging is observed 
in the field owing to differences in the testing and actual site conditions. 
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Figure 8. The plot of (a) 2max versus J, and (b) Iecr versus Zp. 


6 CONCLUDING REMARKS 


In the present study, recently developed methods to determine the clogging potential of cohe- 
sive soils have been critically evaluated. Tests have been conducted to determine the effect of 
soil type on the results of mixing tests (max and Iecr), the basis on which attempts are being 
made to empirically predict a soil’s on-field clogging potential in EPBM tunneling. 

From the results of the present study, and using data from the literature, it is shown that 
wide variability exists in the max values. Based on present knowledge, the 2 alone cannot be 
used as a criterion for predicting on-field clogging behavior of different soil types. On the 
other hand, a unique band of J, between 0.8-1.0 does seem to exist where laboratory testing 
yielded the highest stickiness index for all soil tested. The results corroborate well with the 
data obtained from the literature, and for various soil types. Based on the analysis made in 
this study, a two-step laboratory test procedure can be developed to determine the clogging 
susceptibility of soils using mixing tests. This involves first bringing the soil to J, = 0.8-1.0 
where the highest 2,2, is observed for almost all the soil types analyzed. Second, the 4 value of 
the soil sample is determined using a standardized mixing test. Then, the clogging potential is 
determined by comparing the 2 obtained with the clogging potential criterion set forth by 


1460 


calibrated 4. The calibrated 2 is to be determined using mixing tests performed on soils from 
tunnel drives whose clogging potential has been established from their on-field records. The 
clogging potential of the soil can then be determined in the laboratory using the results from 
the mixing test with some certainty. 
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ABSTRACT: Time today represents a new factor that must be taken in consideration when 
conditioning the soil during TBM mining. The longer the foam remains stable, the higher the 
quality of soil conditioning, the less the consumption. A new technology of readily bio- 
degradable foaming agents represents a new way to manage the rheology of soil, ensure 
safety and proper extraction; these new foaming agents boast a more durable surface tension 
on the bubbles that ensures longer stability over time. In this way, not only the foam shall 
work longer but overall consumption shall be reduced when compared to conventional 
foams. Indeed, it is now possible to work with higher FER and lower FIR without reducing 
the quality of the foam and, at the same time, increase its stability over time. With this new 
technology, the TBM excavation cycle is optimized, contributing to the overall schedule to 
complete a tunnel. 


1 INTRODUCTION 


1.1 Why anew technology of foaming agents is needed 


The industry of EPB TBMs experiences an unprecedent exploit in projects with cohesionless 
grounds below the groundwater table. Foaming agents encompassing a higher stability than 
usual are needed to contribute to stabilize the excavation pressure, increase front face stability 
and favor the extraction of the spoil outside the tunnel. 

In such conditions, contractors need more robust foaming agents able to control the rhe- 
ology of the soil in a planned manner over time, without increasing the consumption of foam 
significantly. 

Time indeed, today represents a new vital factor that must be taken in consideration when 
conditioning the soil during TBM mining. The longer the foam remains stable, the higher the 
quality of soil conditioning, the less the consumption. 

The New Technology of readily biodegradable foaming agents today represents a new way 
to manage the plasticity of the soil, ensures safety and proper extraction; these new agents 
boast a more durable surface tension on the bubbles that ensures longer stability over time. In 
this way, not only the foam shall work longer but overall consumption during TBM mining 
shall be reduced when compared to conventional foams. 

Thanks to the above, it is now possible to work with higher FER and lower FIR without 
reducing the quality of the foam and, at the same time, increase its stability over time. With 
the New Technology, the TBM excavation cycle is optimized, contributing to the overall 
schedule to complete a tunnel. 
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2 BASICS OF SOIL CONDITIONING - OLD TECHNOLOGY 


2.1 Foam generation 


A soil conditioner is a chemical product which is added to a soil to improve soil physical and 
mechanical properties. Soil conditioning is the process to achieve this, and heavily depends 
from the generation of foam and the quality of the foaming system used. 

The generation of foam, whether done in laboratory or in TBM, is divisible in two separate 
steps: 


Step 1: the surfactant is mixed with water at a certain concentration rate (Cf), creating the 
foaming agent; 
Step 2: the foaming agent is then mixed with air to create the foam. 


The standard foams in the TBM industry are based on a surfactant, or tensioactive, called 
Sodium Lauryl Ether Sulfate (commercial name is SLES). SLES is an ionic tensioactive that, 
when enters in contact with water, its molecules work like an emulsifier, bonding the water 
with its chemical structure. 


Air Bubble LUIA 
; 2-9 ; 
+ Water + : 


Figure 1. Thick adsorption layers of SLES mixing with water, acting on air bubbles. 


SLES works on the surface of the bubbles favoring the stabilization of the air-liquid interface 
by developing the surface tension that allows the air bubbles to be generated. Initially once the 
foam is generated, bubbles are in small size but, with the passing of time, these tend to increase 
in their size in a simultaneous effect with the reduction of the surface tension applied on the 
external layer of the air bubbles. 

The reduction of the surface tension on the external layer of the air bubble results at 
a certain point in the air bubble to implode, which effect is detrimental to the stability of the 
foam and its ability to work when mixed with a soil. 

Therefore, the concept of time, until now not properly addressed by the industry, is 
now a vital parameter that must be taken in consideration when we condition a soil in 
a TBM. 


2.2 Foam parameters 


Foams are generated and used through the control of these three essential parameters: 

Concentration (Cf), expressed in percentage as the rate of tenside inside the foaming 
agent; the higher the Cf, the stronger the foam from the chemical and mechanical point 
of view; 

Foam Expansion Rate (FER), as the ratio between the volume of the foam and the volume 
of the liquid; the higher the FER, the drier the foam; FER is the indication of quality of the 
foam and the indication of how much air is trapped inside the bubbles; as a matter of example, 
a foaming agent foamed at FER 10 means that it expands its volume ten times. 
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Figure 2. Example of one foam at same Cf expanded at three different FER. 


Foam Injection Rate (FIR), expressed in percentage as the ratio between the volume of the 
foam and the volume of the soil; the higher the FIR, the higher the volume of the foam injected 
into the ground and, therefore, higher the consumption. 


300 liters of 


Figure 3. Example of FIR 30%. The total volume in play is 1300 liters. 


2.3 Quality control 


Since the beginning of the EPB TBM tunnelling, the industry has followed the use soil condi- 
tioners based only on SLES as main chemical constituent plus water (Old Technology), which 
has now become anachronistic for modern TBM operational standards. 

When it comes to the TBM operating parameters for an optimum soil conditioning through 
heterogeneous soft ground conditions with variable range of permeability, this technology 
alone has shown its limitation. 

The Old Technology has been stretched to a point that, after the non-stability has been 
reached (FER above 10), the performance of these agents flattens, thus forcing contractors to 
increase foam consumption to ensure workability of the excavated soil and control its rhe- 
ology inside the excavation chamber. 

This is also demonstrated by the quality control carried out on foams in laboratory. The 
internationally-recognized standard test named as Half Life Time (HLT) follows the provi- 
sions of the “Specification and Guidelines for the use of specialist products for Mechanised 
Tunnelling (TBM) in Soft Ground and hard Rock” by EFNARC (April 2005) to determine 
the drainage stability of a foam. 

The test measures the time when 80gr of foam, generated at a certain Cf and FER, placed 
into a beaker over a synthetic fleece and a digital scale, located vertically on top of a graduated 
cylinder, drains 40ml, which are equal to half of its liquid content. The foam is generated with 
a foam gun that is like the ones available in TBMs. The test determines the drainage stability 
of the foam, named as Half-Life Time (HLT). 

With the Old Technology of soil conditioners, based only on SLES and water, depending 
on Cf and FER values the measured time is approximately ranging in 5 to 6 minutes. This 
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Figure 4. Schematic diagram of the Half-Life Figure 5. Schematic diagram of the unstandard- 
Time test (EFNARC, April 2005). ized Mechanical Resistance test. 


indicates that with the Old Technology, the drainage stability above FER 10 is flattened out 
and non-performant; the optimum benefit of a foam can be utilised up to FER 10, limiting 
the control of the performance of the foam but also highlighting the inability to use foaming 
agents to their full potential and, ultimately, ease tunnelling operations in large variety of soft 
ground strata. The comparison of results between Old and New Technology Half-Life Time 
are displayed in Figure 6 below. 

Another interesting non-standardized laboratory test used is the Mechanical Resistance 
test, where the concept of time is again fundamental. The test measures the time a water- 
filled ping-pong ball needs to penetrate, from top to bottom, through a foam placed into 
a vertical cylinder. Also in this case, the foam is generated with a foam gun that is like the 
ones available in TBMs. 

The test measures the time when a ping pong ball 18g weight vertically crosses a foam 
placed into a plastic cylinder, from top to bottom. The measure of time gives the indication 
of the mechanical resistance the foam applies to the vertical scroll of the ball, at a certain Cf 
and FER, indicating the mechanical structure & strength of the foam itself. The comparison 
of results between Old and New Technology Mechanical Resistance Time are displayed in 
Figure 7 below. 


2.4 New technology — Master Roc SLF 325, SLF 419, SLF 543 


With the innovation in soil conditioning foaming agents, the FER 10 psychological barrier is 
now broken, providing more flexibility in terms of handling the foam generation and obtain 
the most effective soil conditioning result. 

The New Technology is a stronger foaming agent, more stable over time, ensuring at the 
same time to be readily biodegradable as per OECD norms. 

Working with the very same steps for foam generation mentioned above, and the very same 
standard parameters Cf, FER and FIR, and with the very same foaming systems installed in 
TBMs, with the New Technology is now possible to generate highly stable foams well above 
FER 10 with excellent results in terms of drainage stability and overall performance. 

The foam stability increases with FER, the air bubbles maintain a durable surface tension 
on the external layer over a prolonged period, thus ensuring a longer control of the rheology 
of the soil during TBM mining. 

When compared to conventional Old Technology, the technical and operational benefits of 
New Technology are multiple: 

Increased drainage stability over prolonged time; 

Due to the high foaming capacity, it is now possible to work with high FER values avoiding 
the collapse of the foam, compared to standard foaming agents; 

Work with lower FIR values to obtain the desired soil rheology, compared to standard 
foaming agents; 
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Creation of a highly stable foam to hold the face pressure and maintain the rheology of the 
excavated ground longer than conventional foaming agents; 

New technology guarantees a new improved foam stability that guarantees proper EPB coun- 
ter pressure; its improved foam properties ensure better control of the ground pressure, reducing 
the risk of additional ground settlement at the surface and over excavation. 

Improved soil behavior; 

Reduced soil permeability; 

Creation of plastic deformation properties in the soil, which increases face stability; 

Lower inner friction and lower abrasiveness of the soil at the cutterhead and shield; 

Reduction of the stickiness of soils with high fines contents (i.e. <0.063 mm), which would 
lead otherwise to clogging, blockage problems. 
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Figure 6. Old and New Technology comparison HLT at Cf 2%. 
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Figure 7. Old and New Technology comparison Mechanical Resistance at Cf 2%. 
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3 INTERPRETATION OF RESULTS 


The most effective way to provide a reliable scientific interpretation of the Half-Life Time and 
Mechanical Resistance tests carried out on New Technology of foaming agents is the execu- 
tion of high-level technical benchmarks that include other foaming agents available in the 
TBM industry. 

This benchmark allows to verify the validity of the New Technology of foaming agents, 
erecting an unbridgeable void with the Old Technology in terms of performance and 
stability. 

In 2020, the Department of Structural and Geotechnical Engineering and the Department 
of Chemical Engineering Materials Environment, La Sapienza University of Rome (Italy), 
have developed a new classification of foams based on the stability of the generated foam; the 
new classification has arisen five classes of foaming agents, where Class I is the strongest (more 
stable, more performing and durable over time) and Class V is the weakest. In this scientific 
work, they have plotted all the Old Technology of foaming agents available on the market by 
displaying HLT (at Cf 2% - Y axis) vs FER (FER 10 — X axis), as shown in Figure 8 with dark 
dots. 

The same departments in 2021 have added the New Technology of foaming agents Mas- 
terRoc SLF 325, SLF 419 and SLF 543, represented by stars in the graph, de facto being 
obliged to create a new superior class. The results of this scientific work are displayed in 
Figure 8 below. 
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Figure 8. Foaming products classification based on the stability of the generated foam. 


It worth mentioning that also Old Technology MasterRoc SLF 32 is also displayed, belong- 
ing to Class HI “Considerable Stability”. 

The results displayed in Figure 8 are reinforced by an additional benchmarking, where 
Half-Life Time and Mechanical Resistance tests results comparing New Technology (in 
orange) and Old Technology (in blue) are shown with two other foaming agents avail- 
able on the market (in red) in Figures 9 and 10 below at three different concentration 
levels (Cf 1-3%). 

The conclusion we derive is that, not only New Technology has higher drainage stability 
but the same stability increases with the increase of FER; plus, no other foaming agents cur- 
rently in the industry perform equally. 
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Figure 9. Half-Life Time benchmark. 
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Figure 10. Mechanical Resistance benchmark. 


4 CONCLUSIONS 


The New Technology of foaming agents presented in this paper is a brand-new revolutionary 
series of products, designed specifically for the TBM industry in matter of soil conditioning 
during EPB TBM mining. 

With these new foaming agents, it is now possible to control the rheology of the soil over 
longer time, avoiding the continuing injection of extra low-HLT foams in the excavation 
chamber, thus resulting in a drastic reduction of foam consumption carried with all its eco- 
nomic benefits that it entails. 

The benefits are particularly advantageous in heterogeneous soils with variable range of 
permeability in TBMs of diameters above six meters. 

Also, the overall TBM excavation cycle strongly benefits from it, ensuring constant stabilization 
of the face during mining, reducing downtimes and the risk for surface settlements; the muck 
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extracted from the TBM contains now a lower quantity of readily biodegradable chemicals and 
therefore is less harmful to the environment when compared to the Old Technology of foams. 

The advantages of the New Technology of foaming agents have been described above; the 
constant increase of the diameter of final tunnels (tunnel ID) leads to a corresponding increase 
of TBM excavation diameters, the volume of soil to be excavated for each stroke and, there- 
fore, to the time the TBM needs to build up the required EPB pressure to ensure stabilization 
of the excavation face during mining and ring building. 

It is the time factor indeed, the new factor to take in consideration to ease the control of the 
plasticity of the excavated soil in its function of supporting medium for EPB counterpressure, 
by drastically reducing the overall consumption of foams than traditional Old Technology. 

Contractors have now a new way to approach the soil conditioning: with the New Technol- 
ogy of foaming agents they are now able to plan the soil conditioning in advance, estimate 
performance and consumption of foams and properly evaluate the overall cost of the work by 
operating with higher FER and lower FIR when compared to conventional Old Technology. 
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The washing-out resistance of the two-component grout: 
A laboratory test campaign 
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ABSTRACT: The two-component grout is the backfilling technology more frequently used in 
tunnelling construction where shielded machines are adopted. Despite its intensive use, different 
aspects of the technology have not been deepened sufficiently, particularly concerning the role of 
the two-component grout in the waterproofing of the tunnel. In fact, despite in scientific litera- 
ture the engagement of the two-component grout in the protection of assembled linings against 
the water inflows is often mentioned, no proofs of this ability are available. Furthermore, in case 
of presence of water, the freshly injected two-component grout may be washed out reducing its 
thickness and, consequently, its waterproofing capacity but also this aspect have never been 
investigated. In this work, the impact of water on the fresh two-component grout is studied in 
laboratory by using an innovative apparatus, expressly designed and realised for the purpose. 
A test procedure is introduced and preliminary obtained outcomes highlight the aptitude of the 
grout to exhibit the washing-out resistance. 


1 INTRODUCTION 


The two-component grout is currently the most popular technique for the backfilling, a crucial 
phase that occurs during the advancement of a shielded machine (Todaro et al. 2022a). Since the 
bored diameter is bigger than the diameter of the linings extrados (because of the action of the 
overcutting tools, the shield conicity, the shield thickness and the presence of the tail brushes), 
a gap is constantly created (Thewes & Budach, 2009). This gap must be continuously filled during 
the machine advancement. A right performed backfilling phase by means of the two-component 
grout permits to lock linings in the designed position quite instantaneously (the gel time has order 
of magnitude of seconds), prevents surface subsidence, distributes eventual punctual loads acting 
on the lining, bears the backup-load. If evidences coming from construction sites confirm all the 
above listed positive occurrences derived from the use of the two-component grout, the impact of 
water on this grout technology is a controversial issue. In the scientific literature, many authors 
stated that the two-component grout exhibits anti-wash-out properties (Guglielmetti et al. 2007, 
Reschke & Noppenberger, 2011, Pelizza et al. 2010, 2012, Peila et al. 2011, Dal Negro et al, 2014, 
2017, Camara, 2018) but, related to this topic, tests have never been designed or performed and 
neither any information from construction sites are available. The only well-structured research 
available in the literature was performed by Youn & Breitenbiicher (2014), who studied the 
dewatering by using an expressly modified filter press; however, the tests were performed on 
a different kind of mono-component grout. 

In order to fill this scientific gap, in the laboratory of Politecnico of Turin, a specific test cam- 
paign aimed to estimate if and with what effect water can interact with the two-component grout 
has been planned. Before to start with the test description, some reflections should be made on the 
injection system of the machine. Considering that the injection pressure is always higher than the 
front face pressure (Thewes, 2013), and considering that the front face pressure is computed 
taking into account also the groundwater pressure, it can be stated that the backfilling grout, 
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during the injection, pushes the eventually present water and fills the annular void. Plainly, if the 
groundwater does not move, its presence is a favourable condition for the durability of the back- 
filling (Peila et al. 2011). But what happens if the water moves? It could be that the movement of 
groundwater disturb the gelling and curing of the grout and modifies its characteristics in an 
undesired way. 

The idea was to design a specific apparatus to be able to apply a constant water action, in 
terms of water velocity, on samples of two-component grout. Only short curing times were 
investigated. After a certain time of flow, the samples were tested in order to check if the action 
of the water had washed out part of them. 


2 MATERIALS AND TEST PREOCEDURE 


A specific apparatus and two-component grout samples were realised for the purpose. The basic 
idea was to apply a flow of water channelled inside holes expressly created in the specimens of 
two-component grout. The water level is fixed (constant hydraulic head), and it flowed through 
the hole for a scheduled time. After the flow phase, the diameters were tested in order to verify if 
the water had washed out part of the grout, enlarging the original hole. The diameter assessment 
was performed indirectly. 

Two different test phases can be distinguished: 


e the flow phase; 
e the sample testing phase. 


2.1 Apparatus 


A plexiglass container was used as sample holder. 

The container was designed to contain a number of specimens to be tested between 1 and 8. 
For each sample slot, the container was drilled with a hole of 10 mm (8 holes were realised in 
a quincunx pattern). Each sample, with height (h), was located centrally in the designed positions 
(coaxially to the hole of the sample slot) surmounted by a water table (Ah). Samples were centrally 
pre-drilled (with diameter of the hole ) and linked with a watertight paste at the container 
bottom before starting the test. A pump feeds the water flow on the container and a drain guaran- 
tees a fixed water head (Ah) on the samples surface. The inlet water flow that feeds the system 
does not act directly on the samples: a plexiglass slab (slightly smaller than the container, 10 mm 
in length and depth), raised on 4 screws, protects samples from the potential generated turbulence, 
acting as a water diffuser. Under the sample holder, a water storage tank holds the flowed water 


Ah 


sample 


water storage tank 


Figure 1. Photo of the developed device (left) and schematic drawing of the plant (right). 
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sample holder bottom 


water storage tank 


Figure 2. Photo of details of the designed apparatus. 


that has crossed the samples, running in their inner holes. The head was kept constant through 
the realization of a spillway. 

Figure 1 depicts a photo of the developed device (left) and a schematic drawing of the 
system (right). In Figure 2, a photo taken from a frontal point of view gives a better depiction 
of the details of the designed apparatus. 


2.2 Sample manufacturing 


The component A for the two-component grout was produced according to the procedure 
described in Todaro et al. (2019). The mix design used was the same of previous research 
(Todaro et al. 2020a, Todaro et al. 2022b) and briefly hereinafter summarised: cement: 230; 
water: 853; bentonite: 30; regarding fluidifying agent: 3.5; accelerator: 81. All reported dosages 
are expressed in kg/m*. Concerning the casting and the curing modality, the procedure described 
in Todaro et al. (2020b) was followed with the exception of the sample shape that is cylindrical 
in this case. The sample production was the most sensitive phase of the procedure. Since the test 
was designed to assess the two-component grout’s wash-out resistance at short curing times, 
there was plainly a need to handle samples that were not yet completely hardened. 

The moulds were fashioned from a commercial plastic tube. Each sample was characterised 
by an inner hole, located in the centre. The geometrical dimensions of the sample are reported 
in Table 1. 


Table 1. Geometrical dimensions of pro- 
duced samples. 


Dimension Value 
Diameter (mm) 43.7 
Height (mm) 30.2 
Inner hole diameter @ (mm) 2.7 
Inner hole area (mm2) 5.72 


Due to the weakness of the material that was being tested, it was impossible to drill the sam- 
ples after casting. Therefore, it was planned to cast the sample foreseeing a cylindrical solid in 
the centre. Common iron spikes were used for this purpose, with the only requirement being 
a suitable diameter, a perfectly smooth lateral surface and a length higher than the sample 
height. A polystyrene support was shaped in order to hold the sample moulds on the one 
hand, and to fix the iron spikes steadily on the other (Figure 3). 
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Figure 3. Polystyrene support used for the samples production. 


The verticality of the spikes was accurately measured using a spirit level. The spikes’ heads 
were carefully covered with a plastic layer to prevent grout leakage (before gelation, the two- 
component grout is still fluid and leakages can potentially lead to an incomplete mould filling). 
Before long, a thin layer of oil was painted on the spikes, in order to simplify their removal just 
before starting the test. After the preparation of the polystyrene support as described, the 
moulds were glued centrally with respect to the spikes. After the glue had set (not more than 15 
minutes), samples were cast and after just one minute the spikes were pulled out slightly for 
a distance that allowed perfect levelling of the cast surface using a spatula. About 15 minutes 
after casting, the spikes were gently completely removed. The samples, still held in their moulds 
(making it possible to handle them without damage), were gently removed and located in the 
plexiglass sample holder slots, taking care to ensure the correspondence among the samples 
holes and the bigger ones of the slots (each sample hole must be concentrically aligned with the 
hole of the container slot). Before long, the moulds were immediately glued on the bottom of 
the container (a quick-setting silicone was used for this purpose) and the samples were covered 
with a plastic layer on their free surface (the casting surface of the samples), in order to prevent 
dehydration during the curing time. 


2.3 Flow phase: Testing procedure and parameters 


After the scheduled curing time, the samples were uncovered (only the plastic layer of the casting 
surface was removed) and the pump was switched on. The samples were tested without 
demoulding. 

All tests were performed according to the following testing parameters: 


« Ah = 48.4 mm 
* vp 2 1.2m/s 


where Ah is the height of the water table applied on the samples’ top surface and vy, is the 
water velocity on the bottom of the samples. 

The decision to calibrate the apparatus according to this value of water speed was as a 
compromise between the maximisation of the potential wash-out phenomenon and the 
choice of velocity values comparable to a real hydraulic conductivity. It was decided to 
simulate the test in a gravel context, simulating a very high value of hydraulic conductivity 
and high value of groundwater velocity. 


2.4 Sample testing phase: Testing procedure 


The sample testing phase occurred only after the flow phase. The samples (still held in moulds) 
were removed from the sample holder and put in another tank, under water, in order to prevent 
dehydration. 
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Assessment of the hole variations was performed indirectly, as the hole dimensions were too 
small to estimate using a calliper. Furthermore, it was not guaranteed that the hole diameter 
variation was constant along the sample height (the hole outer diameter measured on the sam- 
ples surfaces was frequently very large due to the geometrical concentration of the flow action 
and not consistent with the real inner measurement). 

Consequently, the Marsh cone was considered a suitable device for the purpose, being well 
established and known to engineers involved in tunnelling backfilling. 

The sample testing phase procedure is described in the following. Apart from the Marsh cone 
and its specific container, a gasket and a support able to bear the sample were required, leaving 
the sample hole free and centred on the tank positioned below. Concerning the gasket, its dimen- 
sions must be able to perfectly seal the tail of the cone with the sample surface, avoiding leakage. 


Figure 4. Photo of the arrangement for the sample testing phase. 


It is strictly discouraged to use rigid gasket models. Soft ones can warp and change shape as 
a function of the sample surface (which, despite all precautions, will never be perfectly smooth). 

Previously, the sample had been positioned on the support and the gasket had been positioned 
concentrically with the sample hole. Initially, the cone was manually pressured on the gasket. Par- 
ticular care had to be taken in checking that the system composed of the sample, the gasket, and 
the cone nozzle was perfectly aligned (Figure 4). After that, the lower hole of the sample was 
closed with one finger by the same operator who was managing the cone, while a second operator 
had to fill the cone with water up to the cone notch. Before long, the time count started when the 
cover from the hole was removed. According to the Marsh cone procedure (UNI 11152, para- 
graph 13), the time count was stopped when a level of | litre was reached in the container. 

At least three different assessments had to be performed on each testing sample. Finally, the 
average time “Marsh Cone Average Time” was compared with a “Marsh Cone Reference 
Time”. The reference time was obtained by testing different samples (cured 28 days) realised 
with a hole that was expressly uniform in diameter and perfectly smooth, simulating the ori- 
ginal hole of samples before the action of the water flow. 


3 RESULTS 


In the following, preliminary outcomes are presented. Table 2 reports data related to the tests 
performed on samples cured for 3-3.5 hours and then treated with a flow phase of 28 days. 
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It was decided to start from the most investigated curing time, according to the recent work 
available in scientific literature, i.e. the short curing time. 


Table 2. Outcomes pertaining to the prelim- 
inary test campaign. 


Assessment Values 
Curing time (h) 3-3.5 
Flow phase (days) 28 
Marsh cone reference time (s) 85.3 
Marsh cone average time (s) 78.7 

A (s) 6.7 

A (%) 8 


4 DISCUSSION 


The outcomes highlighted a slight reduction of the flow time, equal to 8%. This reduc- 
tion is directly correlated with the increase of the hole diameter. It should be under- 
lined that the new hole, bored for the water flow, was purportedly not constant along 
all the sample depth. Unfortunately, in the absence of other comparison data it is not 
possible to comment decisively on the obtained value of 8%. However, it can be stated 
that the studied curing time is considered a “short curing time” and furthermore that 
Vp = 1.2 m/s is a very high velocity value, which rarely occurs in tunnelling work 
beneath the ground water. 

However, according to the theory that was speculated, the erosion phenomenon due 
to the water flow is concentrated in the first hours of the flow phase. According to the 
fast growth of the two-component grout mechanical performances that occurs at short 
curing time (UCS, shear strength, Young’s Elastic Modulus) as reported in Todaro et al. 
(2020a), (2021), Oreste et al. (2021) it can be reasonably speculated that also the grout’s 
washing-out resistance increases with the curing time, and consequently that the water 
wear action decreases with time. The outer layer of the material is worn out in the first 
instance by the water flow, while with extension of the time, the action of the water 
flow has less impact. However, in order to prove this theory, further tests are required, 
varying parametrically the flow phase and the curing time of the material before the 
action of the water flow. 


5 CONCLUSIONS 


The two-component grout is nowadays the first choice of backfilling technology due to 
its indisputable advantages, both operative and technological. Despite its intensive use, 
no studies are available on the anti-wash-out properties of this material after the gel- 
ation, despite in scientific literature different authors reported its aptitude to resist 
against a water flow action. 

In this paper, an innovative apparatus is described correlated by a simple testing pro- 
cedure able to assess if and how a certain two-component grout, after a certain curing 
time, resist to the water flow action. Preliminary results put alight a good resistance of 
the grout against the water flow, tested after short curing times. Further investigations 
are suggested, by varying both the curing time and the mix design, since the proposed 
outcomes are strictly related to the studied case. Anyway, the provided procedure and 
the detailed information pertaining to the apparatus reported in this work want to be 
a useful instrument for quantitatively measure and compare the anti-wash-out properties 
of the two-component grout. 
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ABSTRACT: Snowy 2.0 is a 2000 MW pumped hydro-electric expansion of the existing Snowy 
Scheme in Australia. A special part of the project is the Inclined Pressure Tunnel (IPS), with an 
internal diameter of about 10 m, which will experience extraordinary hydraulic conditions, where 
internal pressure variations reach up to 70+25 bars during transients. The lining solution, cur- 
rently under study, is a single pass segmental lining where special steel couplers, named as 
FACS (Force-Activated Coupling System), are placed in the longitudinal joints between the 
segments to provide tensile resistance. The innovative joint connection comprises pin-socket 
steel couplers with cup springs that deforms during assembly of tunnel segments, providing 
hence pre-compression of the joints. The connections create a continuous heterogeneous ring, 
reducing the risk of joint misalignment and dislocation and preventing joint openings during 
operation. This paper provides an overview of the solution FACS, discussing design aspects 
and construction and testing of prototypes. 


1 INTRODUCTION 


1.1 Snowy 2.0 project 


Snowy 2.0 is a pumped hydro-electric project, a major expansion of the existing Snowy Scheme 
and the largest committed renewable energy project in Australia. It is being built in the Austra- 
lian Alps in southern New South Wales, within the Kosciuszko National Park. The project 
would provide 350,000 MWh of large-scale energy storage and additional 2000 MW of quick- 
start electricity generation capacity to the grid at critical times of peak demand when energy 
supply is constrained. A series of new underground tunnels, including the largest high pressure 
hydraulic inclined shaft ever built with a TBM, will link the existing Tantangara and Talbingo 
reservoirs. A hydro-electric power station will be constructed within an underground cavern at 
800 m depth. 

Future Generation Joint Venture (FGJV), constituted by Webuild, Clough and Lane Con- 
struction, is the main Contractor to build Snowy 2.0 on behalf of Snowy Hydro Limited. 


1.2 Inclined Pressure Shaft (IPS) 


Considering their hydrostatic and hydrodynamic requirements, pressure shafts are one of the 
most challenging components of a high head hydropower plant. Conventionally, the high- 
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pressure section of the waterway, connecting the headrace tunnel with the power station, 
have vertical or inclined shafts. Nowadays, the vertical shaft option is being very common, 
due to the development of the raise boring technology. In the past the most widespread solu- 
tion was the use of inclined shafts, mainly because it is a solution that allows shorter water- 
ways which, however, has certain disadvantages (increased complexity during execution and 
eventual need of a secondary lining in shallow location). 

Inclined pressure tunnels and shafts have been excavated either traditionally (drill and blast 
method) or using mechanized methods such as tunnel boring machines (TBM) for slopes up to 
45° and raise boring (RBM) for slopes between 45° and 90°. Considering the use of TBMs, the 
inclinations of existing IPSs is in the range of 18° - 45°, but most of them are between 30° and 45° 
(Vigl 2015). In general, the adopted slope has an impact on the working conditions and the muck- 
ing method. The construction of IPSs includes lined solutions (reinforced concrete or steel lining) 
and unlined solutions. The latter has been often adopted in Norway, where the total length of 
unlined pressure shafts and tunnels in operation is estimated to exceed 100 km (Broch 1984). 

A special part of the Project Snowy 2.0 is the construction of the IPS, which is a pre-cast 
lined tunnel with an internal diameter of 9.9 m and a length of 1.6 km. The IPS will be exca- 
vated upward by TBM, with a slope of 25° and with a maximum overburden of about 800 m at 
its base, Figure 1. Once built, the IPS will be the biggest and longest of this type worldwide. 

The inclined shaft is built in siltstone and interbedded sandstone. The expected rockmass 
modulus ranges from few GPa at the top of the shaft to tens of GPa at the bottom of it, as 
shown in Figure |. Being a single lining, the design must consider both hydraulic loads as well 
as geo-mechanical loads. 
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Figure 1. Longitudinal profile of the Inclined Pressure Shaft (IPS) of Snowy2.0 and range of rockmass 
moduli. 


For the IPS, Webuild is developing an innovative segment connection system, known as 
Force Activated Coupling Systems (FACS), to provide a tensile resistance to the segmental 
lining. Although the lining is fitted with radial drains to equilibrate internal and external pres- 
sures during steady state conditions, the outward net pressure generated during rapid transi- 
ents must be sustained by the lining and FACS connections. In this case, the concept of load 
sharing, between the lining and the surrounding rock mass, applies. 

FACS connections include steel couplers, formed of pin and socket elements, that are embed- 
ded within the segment longitudinal joints. The couplers are provided by cup-spring system that 
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is configured to provide pre-compression force to the lining during segment erection. The pre- 
compression value is higher than hoop tensile forces developed in the lining under expected 
design conditions. Nevertheless, thanks to the cup-springs, FACS connections also provide the 
lining with the needed deformability to allow safe load dissipation and to coop with unexpected 
design conditions (e.g., poor rock conditions). Under increasing outward pressure, the lining 
first starts to deform elastically for tensile forces up to the FACS pre-compression force. Then, 
once the pre-compression force is exceeded, the segment joints start to slightly open following 
the axial stiffness of the cup-springs, which is much lower than lining elastic stiffness. This lining 
behavior provides a considerable radial deformation capacity (in the range of 2-3 millimeters) 
allowing limited increase in the tensile force transferred to the lining. This deformability, which 
cannot be obtained by rigid joint connections such as bolts, ensures design safety and reduce 
sensitivity to uncertainties in geological and hydraulic conditions for such critical pressure 
tunnel with a diameter of about 10m and where transient pressures exceed 25 bars. 


1.3 Snowy 2.0 IPS - Hydraulic loads 


The Snowy 2.0 plant is characterized by unprecedented hydraulic loads. The IPS is subjected to 
an internal steady state pressure of approx. 700 m (range: 690-780 m). When measured by the 
product between the static pressure and the tunnel radius (i.e. load index), the IPS would have 
the highest load index (approx. 35,000 kN/m) among all the realized pressure shafts, to Authors’ 
knowledge. In addition to the static pressure, pressure oscillations induced by the transients are 
also of considerable magnitude. The maximum internal pressure variations due to the water 
hammer reach +29 bar for the positive variations with respect to the steady state internal pres- 
sure and —27 bar for the negative variations, with a rate of internal pressure change up to some 
bar/s. The internal pressure variation at the bottom of the IPS due to a load rejection of 6 units 
in generating mode is shown in Figure 2 (left). The plant is also subject to slower internal pres- 
sure variation in the order of some bar/min (mass oscillations) and 0.1-0.2 bar/h (filling and 
emptying of the plant). Millions of internal pressure oscillations are expected over the 150 years 
lifetime of the plant according to the operational profile of the project, making the fatigue con- 
siderations one of the most important aspects in the definition of the lining solution. Figure 2 
(right) shows the number of cycles as a function of the pressure cycle amplitude for positive and 
negative pressure oscillations at the bottom end of the IPS, according to the transient analyses. 


Internal pressure [bar] 


Number of cycles [-] 


4 i 
0 % 100 150 20 250 300 350 10 -2 -10 0 10 


Time [s] Pressure cycle amplitude [bar] 


Figure 2. Internal pressure variation at IPS bottom for the load rejection generating mode 6 units (left). 
Number and amplitude of the internal pressure oscillations at the bottom end of the IPS (right). 


2 STATE-OF-THE-ART OF TENSION-RESISTANT SEGMENTAL LINING 


In the past decades several solutions have been designed to provide tensile resistance in the hoop 
direction to pre-cast concrete segmental lining rings for hydraulic tunnels. One of the most 
common, but also quite laborious, is providing the lining with post-tensioning cables. Post- 
tensioning of linings in hydraulic tunnels solves any issues related to tensile resistance, but at the 
same time drastically reduces the available compressive strength as the tensioning already leads to 
relevant compressive stresses in the lining. Although post-tensioning is commonly used in civil 
engineering, post-tensioning of segmental concrete tunnel linings is not common. Only five known 
projects have implemented this type of system (Sun et al. 2017 and Kazuyoshi 2003). 
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Alternative solutions for providing tensile resistance to the longitudinal joints of the seg- 
mental lining have been developed. Amongst them the technically less complex solution is pro- 
viding the concrete segments with steel recesses or with bolt pockets (Kaneshiro et al. 1996), 
allowing for a bolted connection in the longitudinal joints. For hydraulic tunnels this solution 
not only has the disadvantage of possible human errors related to the correct tensioning of the 
bolts, but also requires a second stage concrete filling of the boxes or pockets for hydraulic 
and durability reasons. 

A further development for hydraulic tunnels has been successfully used in Japan (Miyao 
et al. 1999). The solution connects the single concrete segments with steel elements accommo- 
dated in the longitudinal joints, allowing to establish the connection during the assembly of 
the segment ring by the insertion of steel wedges fixing the connection. This solution allows 
for an efficient and partially automated assembly of the segmental lining, but the joint coup- 
ling is guaranteed only by a complete insertion of the steel wedge, which can be influenced by 
construction and erection tolerances. Therefore, the system has the disadvantage of relying on 
human factors for the correct insertion and fixing of the steel wedges, which is very risky in 
projects with very frequent transient loads. 

All the possible solutions for providing tensile resistance to a segmental lining developed so 
far are either rather laborious, thus lowering the efficiency of mechanized tunnel excavation, 
or their structural performance depends on connecting elements (pre-stressed bolts, steel 
wedges) to be assembled correctly under difficult working conditions in the tunnel, posing reli- 
ability issues to the technical solution. 


3 FORCE-ACTIVATED COUPLING SYSTEM (FACS) 


3.1 Concept of FACS lining 


An innovative segmental lining system, referred to as Force-Activated Coupling System 
(FACS), was developed specifically for the IPS of Snowy 2.0 project. The FACS solution is 
based on the use of steel couplers, formed of pin and socket elements, and embedded within 
the segment longitudinal joints. During segment erection, the pins of the segment are 
inserted into the sockets of the adjacent and previously erected segment, Figure 3. The 
objective of the created connections between the segments is providing the segmental ring 
with tensile resistance to reduce the risk of joint misalignment and dislocation and to pre- 
vent joint openings during normal operating conditions. Thus, with this innovative solu- 
tion, a single-pass segmental lining can be used to construct high-pressure tunnels, 
providing the needed tensile resistance to cope with varying internal hydraulic pressures 
during transients. 


Figure 3. Segmental lining with Force-Activated Coupling System (FACS). 
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The most relevant advantage of FACS solution is the efficient assembly of the segments like 
for the ordinary concrete segments without the need of any further installation of fixations or 
connecting elements. The risk of human errors during assembly can thus be significantly 
reduced and QC can be done outside the tunnel in the segment yard in more controllable 
conditions. 

The developed solution (FACS Spring) adopts a system of cup-springs to allow accommo- 
dating production tolerances (steel couplers and concrete segments) during coupling without 
compensating full joint closure nor erection completion. During erection, the pin slides inside 
the socket and moves outwards in the hoop direction deforming the cup-springs which conse- 
quently generate a pre-compression force that keeps the joint closed and provides it with the 
desired tensile capacity, Figure 4. 
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Figure 4. FACS spring joints. 


The cup-springs also provide a certain tensile stiffness to the system, allowing controlled 
deformations and safe load dissipation if the joint pre-compression force would be exceeded 
in extreme or unexpected load conditions (e.g. emergency shutdown of the plant where rock 
mass stiffness lower than expected). The spring system comprises a stack of 3 cup-springs (2 in 
parallel and 1 in series) as shown in Figure 5. The chosen cup-spring configuration allows an 
acceptable range of pre-compression forces under all possible combinations of production tol- 
erances. The design of FACS elements was based on load-deformation curves of the cup- 
springs, which were established through several loading tests implemented at independent 
laboratories. Furthermore, the FACS design was verified through an extensive testing 
campaign. 


Cup spring “series / bottom” 
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Cup spring “series / top” Flat washer 


Figure 5. Assembly of pin and cup-springs (left); components of the stack of cup springs (right). 


3.2 Lining behavior and preliminary definition of the solution 


In general, in hydraulic tunnels the design of the lining has to take into account all relevant 
loading conditions during construction and operation, i.e. hydraulic loads as well as loads 
from the interaction with the rock mass. Regarding the hydraulic loads, the plant operation 
usually leads to variations of the water pressure inside the tunnel (internal pressure). The 
water pressure in the rock mass (external pressure) may not immediately follow the internal 
pressure variation due to the permeability of the lining, leading to water pressure differentials 
acting on the lining and therefore stresses therein. 
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In high-pressure hydraulic systems such as the IPS of Snowy 2.0 Project it is unavoidable to 
provide a pervious lining system to allow equilibration of static water pressures between inside 
and outside. The lining solution for the IPS goes a step further providing hydraulic connec- 
tions reducing pressure differentials also during transient conditions. 

In case of an external pressure higher than the internal one (e.g. emptying of the plant) the 
lining would be subjected to compressive stress. In the opposite case, i.e. an internal pressure 
higher than the external one (e.g. filling of the plant), tensile stress would arise in the lining 
consisting of a structural continuous ring provided with tensile resistance. The lining has 
therefore to be designed for those loading conditions. If the lining has not the capability to 
resist to those loads, a damage of the tunnel lining could be the consequence. 

The amount of differential pressure acting on the lining depends both on the hydraulic con- 
nectivity of the lining and on the mechanical interaction between the lining and the rockmass. 
The first is influenced by the permeability of the lining, of the rockmass and by the velocity of 
pressure variations. The latter depends on the stiffness of the lining and of the rockmass. 

This complex and coupled behavior of the lining is accounted for in the definition of the 
design solution, considering the rather unique boundary conditions, especially in terms of 
hydraulic loads. Numerical analyses have been performed considering the behavior of the 
lining system during transient events, for estimating the forces in the lining accounting for the 
coupled mechanical and hydraulic behavior of the system. 

Because of the importance of water loads, in terms of pressure amplitude and number of 
cycles, the monolithicity of the lining is considered an essential requirement, to reduce the 
risks of joint dislocation and misalignment and avoiding joint opening during the normal 
operation of the plant. A monolithic lining has however a limited deformability capacity in 
case the lining is pushed against the rockmass (internal pressure increase) due to the rigidity of 
the concrete, leading to high tensile stresses. A traditional lining made of shotcrete or also 
a cast-in-place concrete lining is likely to crack already during construction due to shrinkage 
and thermal strains. Additional load induced cracks will appear consequently to the first fill- 
ing or positive transients, reducing the lining stiffness and therefore the stress in the lining. 

For a precast concrete segmental lining like the one to be implemented along the IPS the 
conditions are different. Segmental linings are precast with controlled production quality and 
minimized tolerances, including an efficient curing. Cracks from shrinkage and thermal strains 
are unlikely to occur and cannot be considered as a reduction of the lining stiffness in tension. 

To increase the deformation capacity of the lining, and therefore increase the load transfer 
to the rockmass by load sharing, the FACS joints can open in case the tensile force in the 
lining would exceed the pre-compression force of the joints. A further increase of the lining 
deformability is provided by crack inducers in the segments, to promote and control the con- 
crete cracking. The two measures allow to increase the deformation of the lining necessary to 
reach the tensile limit of the lining increasing the structural ductility of the system. 

Figure 6 shows the expected behavior of the lining for an increasing tensile force character- 
ized by four stretches: a) monolithic lining stage up to the FACS pre-compression force, with 
a reduced lining deformability basically controlled by the deformability of concrete segments, 
b) joint opening stage in which the lining deformability increases and depends essentially on 
the deformability of the cup springs, c) crack formation stage characterized by a progressive 
crack formation and consequently a reduction of the lining stiffness and d) crack opening 
stage in which the lining behaves with a reduced (cracked) stiffness. 

The limit lining radial displacement for which the FACS couplers reach their tensile cap- 
acity, approx. 6 mm, is higher by a factor 3 than the maximum radial displacement of the 
rockmass due to the positive internal pressure variation induced by the transients, considering 
the whole range of the expected rockmass stiffness along the IPS. This ensures that the tensile 
capacity of the coupler would not be reached in any condition during the plant operation, 
thanks to the ductility of the FACS system. 

The tensile capacity of FACS couplers corresponds to a differential water pressure in the 
order of 2 bar in a tunnel with approx. 10 m ID. This order of magnitude cannot be excluded 
in case of internal pressure increase, especially for higher rate of pressure variation (transi- 
ents), because the uncracked lining permeability remains low, and the permeability provided 
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Figure 6. Tensile behavior of the reinforced concrete segmental lining with steel FACS couplers. 


by the opening joints is uncertain due to the presence of the sealing gaskets. Therefore, it is 
felt mandatory to implement a drained lining, increasing the lining permeability with 
hydraulic connectors in the segments, with the aim of limiting the pressure differentials below 
the structural limit of the lining. 

The combination of the structural measures (opening of the joints) and of the hydraulic meas- 
ures (hydraulic connectors) allow to limit the maximum tensile force in the lining during the 
transient events below the tensile capacity of the FACS couplers and the maximum compressive 
force below the compressive capacity of the segments, ensuring that the resistance requirements 
are met. According to the analyses performed so far, the joint opening would be triggered only 
for rare transient events (e.g. load rejection), expected to occur approx. 10 times over 150 years, 
guaranteeing a proper fatigue behavior of the couplers since the pre-compressed parts of the 
couplers (pin, springs, ramps) would suffer negligible stress oscillations. 


3.3 FACS prototypes and testing 
To validate the FACS alternative, several aspects were tested, such as: 


— Preliminary assembly tests of FACS pin/socket. 
— Fatigue behavior of FACS connection under cyclic loads simulating transient pressures. 
— Erectability of FACS standard and keystone segments through full-scale test bench. 


The preliminary assembly tests included the production of prototypes of FACS longitudinal 
joints divided into a male part (with pins) and a female part (with sockets). The first tests high- 
lighted the need of further modifications in the pin and socket geometries. Inclined contact 
surfaces were adopted to avoid gripping and allow gradual increase of pre-compression force 
(and hence friction between pin and socket). Applying stringent production tolerances was 
found necessary on certain dimensions to avoid pin undesired rotations during insertion. The 
tests also directed the design to using a stack of 3 springs, as only one spring per ping was 
initially used and found insufficient. 


3.3.1 Fatigue tests 

A coupled FACS joint was then tested under cyclic loading to verify the structural integrity of 
the system under fatigue. A test set-up considered the application of tensile forces in the direc- 
tion of the pin axis, Figure 7. Loads and number of cycles were defined based on the oper- 
ational profile of the project and considering the load sharing concept between lining and 
rock mass. Considering the project life of 150 years, the joint was subject to more than 
11 million cycles with loads varying between 100 and 425 kN per pin. 

During the cyclic test, joint openings were monitored using 4 transducers. The system 
showed response in line with the expected behavior under the adopted pre-compression of the 
spring. No significant joint openings were observed even under the maximum load cycles 
(values less than 0.3 mm). Moreover, the spring showed a stable behavior with no deterior- 
ation along the test duration. Following the cyclic test, the used spring stack was retested 
under compression load and the resultant load-deformation curve was found in line with that 
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obtained using the same stack prior the cyclic test, confirming no deterioration of spring cap- 
acity was caused by the cyclic loads. 


Figure 7. Fatigue testing of FACS spring. 


3.3.2 Erection tests 

A full-scale test was implemented simulating the erection of standard and keystone segments 
by TBM erector. A test bench, that included the longitudinal joints of the adjacent segments 
and the circumferential joint with the preceding ring, was developed as shown in Figure 8. 
The tested segments were fabricated from steel to facilitate replacement of FACS couplers and 
allow more flexibility during testing. The FACS elements (pins and sockets) comprised 
exchangeable parts to ease repairs in case of unsuccessful tests. 
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Figure 8. Erection tests of FACS segments. 


During the erection tests, which included also misaligned configurations (segment rotations, 
gaps, and offsets), the spring deformation and required erection force were monitored by 
means of displacement gauges and compression load cells. The measured deformations and 
forces were conforming to the load-deformation curves of the spring stacks obtained by load- 
ing tests performed in laboratory, Figure 9, confirming a pre-compression force as per the 
target design value. The tests also showed excellent outcomes in terms of safe erection of 
FACS segments (i.e. with no pin/socket damages) generating the needed joint pre- 
compression. 
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Finally, to conclude the testing phase, a full-scale test is planned prior commencing with 
IPS construction activities. Complete FACS segmental rings will be erected in another tunnel 
(an access tunnel) to verify constructability aspects and TBM operations and confirm the 
feasibility of the solution FACS Spring. 
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Figure 9. Pre-compression forces measured during tests plotted on springs load-deformation curve. 
4 CONCLUSIONS 


The IPS of Snowy 2.0 will be the largest high pressure hydraulic inclined shaft ever built. The 
hydraulic shaft is characterized by extreme loads, with steady state pressure of 70 bar and 
transient loads in the order of +29 bar and —27 bar. During his life the IPS will be subject to 
millions of internal pressure oscillations and fatigue consideration is one of the most import- 
ant aspects in the definition of the structural solution. 

A new concept for a single pass tension-resistant segmental lining has been developed and 
tested for the Project. The system, known as FACS, includes a pin-socket steel couplers with 
cup springs that deforms during assembly of tunnel segments, hence providing pre- 
compression along the longitudinal tunnel joints and preventing joints opening during normal 
operating conditions. 

Controlled joint opening in extreme loading conditions increases the deformability and duc- 
tility of the system, allowing a load transfer to the surrounding rockmass. 

The new system is under development and an extensive testing phase is ongoing. The initial 
outcomes are promising, and satisfactory performances have been achieved so far. 
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ABSTRACT: Refurbishment of TBMs is an activity that has become a more common task in 
the last years due to various factor: improvement of cost and schedule in the overall procurement 
and manufacturing process, alignment with the Sustainability Development Goals (SDG), and 
reduction of CO2 emissions, etc. In addition, it is a fact that a refurbished TBM is normally per- 
forming better than a brand new one, as a refurbished one has not only been tested before but 
improved for the new performance. ACCIONA executed the M30 project (Madrid, SPAIN) with 
a 15,2 m OD EPB TBM that was the biggest of the world at the time (2005). After finishing the 
project, the TBM was dismantled and has been maintained during years in a yard in Villarubia de 
Santiago (Spain). In 2020 ACCIONA got awarded the project S19 Rzeszów Południe — Babica, 
where the TBM proposed was the same as the used in the M30 project in Madrid. The paper will 
describe how ACCIONA’s Self Performance Office (SPO) office has refurbished the TBM, updat- 
ing all the main components and adapting the TBM to the new challenging project requirements 
(pressures up to 6.5 bars), describing the complex operations of cleaning, rebuilding and adapting 
the new and more modern components to the previous TBM, including the precast factory molds. 


1 INTRODUCTION 


1.1 M30 project 


The M-30 is the main ring road in Madrid and supports the densest traffic in the capital 
(300,000 vehicles per day). In 2003, the City Council developed extensive remodeling on it, con- 
sisting of the partial underground routing and a deep transformation along the urban road. 


Figure 1. M-30 tunnel concept: twin tunnel configuration with road traffic for three lines in the upper 
level and lower level for emergency service. 
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The project constituted of a major breakthrough in the improvement of the city’s livability. It 
reduced the congestion on the M-30 road and achieved a reduction of pollutants in the atmos- 
phere of about 1,750 tons/year and noise levels by up to 75%, increasing safety and reducing the 
aggregate commuting time by 4.4 million hours of travel a year. The city benefitted from 30 new 
hectares of new public space, 250,000 new trees and the connection to 20 acres of previously 
inaccessible parkland. The M-30 bypass road, delivered when Madrid was having the biggest 
infrastructure development in its history, runs through the city center passing underneath Atocha 
Railway station, the largest in the country. 

This project consisted of a twin tunnel bypassing the M-30 between Santa Maria de la 
Cabeza and the N-III road junction. ACCIONA was the main contractor, with 50% of the 
works. This section had an overall length of 4.2 Km, of which 0.6 Km were a tunnel con- 
structed between diaphragm walls and 3.6 Km were a tunnel bored with EPB shield and an 
external diameter of 15.2 m (the largest in the world at the time of construction) and interior 
diameter of 13.45 m with a working section of 186 m2. 


Figure 2. M-30 Southern Bypass (North Tunnel) EPB-TBM. 


Regarding the lining works, each segment has a length of 4.50 m, an advance of 2 m and a 
thickness of 0.6 m; they are built with HA-40 reinforced concrete, containing polypropylene fibers. 

All the Mechanical and Electrical installations were also included within the scope of 
works: ventilation, safety and lighting systems, telecommunications, road signs, etc. The inter- 
ior ventilation system required construction of two ventilation shafts with a diameter of 20 
meters and 60 meters in depth. 

To control the excavation of the terrain and strengthen the tunnel’s face safely, the perforation 
shield was equipped with three screw conveyors. The soil was transported out of the tunnel 
through a conveyor belt placed along the tunnel as the tunnelling machine advanced, and then 
transported it to a dump pit so that it could be loaded on to trucks for its removal. With an 
aggressive schedule of 32 months, the project was delivered two months ahead of schedule thanks 
to a D&C team that were dedicated to achieving robust, cross-project integration including engin- 
eering management, traffic management, environmental, quality and safety. This outstanding 
work was recognized through the JEC Paris 2011 Innovation Award in Civil Engineering. 


1.2 S19 Rzeszów Południe — Babica Project. 


The S19 Rzeszów Południe — Babica Project is developed by the General Director of National 
Roads and Motorways (GDDKiA, Generalna Dyrekcja Dróg Krajowych i Autostradwas). 
This is the central agency of the government administration in Poland, appointed at the 
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Ministry of the Infrastructure, that manage national roads and motorways and dual carriage- 
ways, and is also responsible for the realization of the state budget. This project was awarded 
to the Mostostal - ACCIONA JV in 2020. It includes the design and construction of the S19 
express road from the Rzeszow Potudnie interchange (without the interchange) to the Babica 
interchange (with the interchange) with a total road length of about 10.3 km. This section is 
a fragment of the S19 express road lying in the VIA CARPATIA communication corridor, 
including through Lithuania, Poland, Slovakia, Hungary and ultimately to the south of 
Europe. 

Contractor shall design and construct an express road, including infrastructure elements 
with the following parameters: 


— express road 2x2, lane width 3.5 m with 2.5 m emergency lanes and 5 m dividing lane, 

— design speed Vp — 100 km/h 

— two Travelers Service Area (MOP) I “Lutoryz”, - road junctions “Babica”, 

— engineering structures, tunnel management center with equipment, technical buildings at 
the tunnel with equipment, reconstruction of existing roads in the area of collision with 
S19, additional roadways, road marking and road safety device. 
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Figure 3. From left to right, 3D representation of tunnel portal and tunnel alignment. 


The scope included the excavation of twin road tunnels designed and constructed for two 
separated lines with safety crossings between the tunnels. The expected overall tunnel length 
was 2 x 2,250 m. During the tender process, the client allowed contractors to present different 
excavation methodology for the tunnels including Conventional Excavation, full section with 
the use of tunneling machines (TBMs) or other methods (micro tunneling, jacking, open- 
ended tunneling). The choice of drilling method depends on the geological and hydrogeo- 
logical conditions as well as on the location (i.e. depression, land use over the tunnel) and the 
purpose of the tunnel. 

The Mostostal-ACCIONA JV offered the EPB TBM type as most suitable equipment 
which meets the Client’s requirements: excavation diameter 15,12 m, internal diameter 
13.45 m. It had the same ring configuration as M-30: 


— Tunnel length: 4,500 m 

— Ring type: universal 

— No. segments per ring: 9+1 (keystone 1/2 of the regular ones) 
— Ring ID 13.45 m 

— Ring thickness 0.60 m 

— Ring length 2.0m 

— No. rings = 2,250 pcs 


The decision was made based on taking advantage of M-30 Project EPB machine and 
related equipment (50% ACCIONA’s ownership) such as Conveyor system, Segment molds, 
Gantry cranes, etc. All those equipment was available in ACCIONA’s machinery park in 
Toledo (closed to Madrid) even the use was 17 years previously of the S-19 project. It had 
been maintained during all those years and now it was ready, after a full refurbishment, to be 
used again in a TBM project. 
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2 TBM ANALYSIS 


2.1 M-30 vs S-19 
The main characteristics of the M-30 TBM were: 


— Trademark: Herrenknecht 

— TBM type: EPB 

— Nominal diameter 15.16 m 

— Shield length: 12.26 m 

— Total length including Back-up: 114m 
— Shield weight: 2,566 t 

— Total weight Back-up: 1,801 t 

— Maximum thrust: 315,880 KN 

— Maximum penetration speed: 65mm/min 
— Minimum horizontal radius: 350 m 

— Cutterhead power installed: 12,000 kW 
— Number of hydraulic motors: 50 


Figure 4. From left to right, M-30 TBM assembled before excavation and in the final breakthrough. 


The geological units that are expected to be excavated during the S-19 tunnel construction 
are basically Upper Cretaceous rock formations developed in the form of shales and sand- 
stones and with layers of clay shales, sandstone and mudstone with a range of different 
weathering conditions. Based on that type of material and water pressure up to 6 bars, it was 
decided to improve the M-30 TBM and during the refurbishment of it, update the previous 
TBM capacity, main components and install new ones based on the state of the art of actual 
TBMs configuration, maintaining the main TBM concept as it was but improving and having 
the TBM ready to bore the challenging geological conditions of the S-19 project. 


3 REFURBISHMENT OF THE TBM 


The main changes and updates of the TBM have been the following: 


— Change from two cutter wheels to a single cutter wheel 

— Modifications for work up to 6.5 bar on the axis (original 4.5) 
— Adaptation of pressure compensation system in cutters 

— Change of mortar to the use of bi-component grout 

— Incorporation of the quick unloading system (3 modules) 
— Ring assembly in semi-automatic mode 

— Incorporation of polymer injection equipment 

— Integral foam generation system 

— Incorporation of drilling equipment on erector 

— Removal of central screw conveyor 

— New display system for the tunnel boring machine 
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3.1 Cutter head 


The TBM cutter head in the M-30 project was composed by two sectors with independent 
rotation each, a new concept in 2005 and that was never tested before. For the S-19 project 
this concept was reviewed and a full compact cutter head was designed reusing the external 
sector and manufacturing a new central section that will finally be welded in situ on site in the 
final assembly. 


Figure 5. TBM cutter head configuration in M-30 (left) and after modification for the S-19 project (right). 


Other improvements in the cutter have been the inclusion of a wear detection system, 
structural improvement of the cutter head hoisting (from 353 t to 415 t), additional 
cutter protection, installation of the pressure compensation system in the cutters and 
a new bucket design. 


3.2 TBM shields modifications 


Another main change and adaptation to the S-19 geological conditions was the modification 
of the TBM shields. The high-water pressure conditions that the TBM will have to face in the 
Poland made the decision of changing the main shield, adapting it from the previous max- 
imum 4,5 bars and allowing it to work under maximum working pressure of 6,5 bars in axis, 
being this value the upper limit due to the maximum deformation design limitation in the tail 
shield. It implied to make verifications and structural modifications in the main shield sectors 
including some necessary reinforcements. 

This analysis also required a deep checking of the cylinders and the review and repair of 
some key shield components (breathable air system, locks, circuits, etc.). 

In the tail shields, one of the main modifications was the installation of the bicomponent 
system (previously it was based on mortar) and full revision of the lines and installation of 
new ones. 


Figure 6. From left to right, new main shield reinforcements installed, one main shield sector fully 
refurbished transported to the site and main cylinders revision. 
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3.3 Main bearing 


One to the main components of the TBM, on the top of the cutter head and shields is the 
main bearing. In this case, the main characteristics of the M-30 main bearing were: 


— 9 meter diameter 
— 240 tons of weight 
— Number of hydraulic motors installed on it: 50 


When the M-30 project was finished in 2005 and the TBM was stored for a potential future 
use, the main bearing was the piece that required a more intensive and careful maintenance. It 
was protected under a long-term packed system embedded into a high-pressure oil confined 
recipient and rolling it from time to time. When the confined recipient was opened and 
inspected for an analysis of the potential use in the S-19 project, the roller slewing bearing and 
the accessories were in good condition and it was decided to reuse it and to not manufacture 
a new one. Minor corrosion was founded on various surfaces of the bearing, but the corrosion 
was removed. The complete bearing was assembled after the full inspection, deep cleaning, 
and changes of damaged components. After the reassembly some functional values have been 
checked in order to be under minimum required specifications, like the axial clearance, radial 
runout gear ring and axial runout of the gear ring. 


Figure 7. From left to right, main bearing opened for inspection, reassembly of main bearing and 
inspection of the hydraulic motors. 


It is worth to mention that the new cutter head concept and design implied that the interior 
main bearing for the central cutter head was also removed in the final S-19 configuration. 


3.4 Screw conveyor 


The M-30 configuration, due to the two-cutter head system, implied the use of three screw 
conveyors, two at the bottom of the shield and one at the central cutter head. Based on the 
S-19 new cutterhead, this system was modified and the third screw conveyor in the central sec- 
tion was removed. 

For the remaining two screw conveyors a full inspection and refurbishment implied the 
checking of all the welding in the joints, disassembly and review of all the bearings, engines 
and wearing devices. 


Figure 8. From left to right, three screw conveyors configuration in the M-30 project, status of the 
screw conveyors after the M-30 project and fully refurbished screw conveyors. 
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3.5 Other modifications 


In addition to all the key mentioned improvement, all the components of the machine have 
been inspected, revised and tested like all the motors and hydraulic pumps on test benches, 
pressure and tightness tests and certifications in personnel locks tightness and pressure tests of 
all cylinders of the machine (264 units), electric motors with their electrical tests, idem with, 
cells, transformers and H.V. reels, generator set and other components of the hydraulic, pneu- 
matic, electrical circuits and means of elevation, revisions welding lifting lugs, etc. 


4 REFURBISHMENT OF A TBM. BENEFITS. 


It is clear that the reuse of a refurbished TBM ensures that a project can benefit from a TBM 
with a successful track record, avoiding unexpected failures and providing proven equipment 
success. It also will provide cost savings, overall schedule improvement and an advantage for 
the sustainability impact of the project. 

Currently, many projects around the world are being executed with TBMs of varied diameters. 
The projects range from early stages, final stages, to recently completed, which indicates there is 
a great variety of existing TBMs that can be used in some way for future projects. Normally, 
when the projects are finished, the TBMs are available and owned by construction companies or 
by manufacturers that execute the buyback options. These TBMs can be refurbished for use by 
other companies or serve to provide reusable components to manufacture new TBMs. 

ACCIONA has significant experience leveraging refurbished TBMs due to their in-house cap- 
acity of TBM refurbishment in their facilities in Toledo (Spain) through the self-performance 
office (SPO), where the full refurbishment of the M-30 TBM has been performed. 

This innovative solution helps to achieve the following: 


— Cost savings will depend on the state of the TBM, and the amount of refurbishment work 
required. As a reference, it is reasonable to purchase a refurbished TBM at 20% of the sell- 
ing price of an equivalent, completely new TBM. Assuming the high cost of the procure- 
ment of a TBM, this value is significant in the total project cost. But this figure could 
change depending on the status of the previous TBM and if the overall process is a full 
remanufacture of the TBM or a refurbishment. According to the ITAtech Guidelines on 
Rebuilds of Machinery for Mechanized Tunnel Excavation, the differences between Refur- 
bishment and Remanufacturing are: “The basic philosophy behind the remanufacturing 
process is to establish a full new cycle for the product with sufficient life to complete the 
intended project. Refurbishment is a “full maintenance” and “repair or replace defective 
functions or parts” procedure, followed by a functional test including full test documenta- 
tion as per original build”. 

— Schedule savings will depend on the same factors. Typically, refurbishing an existing TBM 
would reduce the procurement process by up to 3 months. Schedule savings strongly 
depend on the location of the TBM at acquisition. If TBM is coming from another project, 
transport time to manufacturer’s facilities will compensate schedule savings on the whole 
delivery period. On the other hand, if TBM is already at manufacturer’s facilities, then up 
to 3 months schedule savings could be achieved. That was the case of the M-30 and S-19 
projects, where the location of the M-30 TBM in ACCIONA’s facilities provided a clear 
project schedule savings. 

— An important advantage for the environment in terms of reduction of CO2 tons and 
Carbon footprint, with the subsequent improvement in Sustainability. The decision of 
a TBM refurbishment clearly reduces the carbon footprint of TBM fabrication, improving 
project sustainability by reusing TBMs and components instead of manufacturing new 
TBMs. From a circular economy perspective, the refurbishment o remanufacturing of 
a TBM can apply to single components, subassemblies or even to the entire TBM. Accord- 
ing to the Greenhouse Gas Declaration by German TUV for the TBM supplier Herren- 
knecht Rebuild Services, analyzing a comparative study of the partial product carbon 
footprint, the average reduction of greenhouse gas emissions in the manufacturing process 
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of tunnel boring machines through the usage of remanufacturing components compared 
with completely new production is 71,42%, a very high value. If we have a look at some 
examples of the global warming potential (GWP) in terms of Kg CO2 equivalent per ton of 
component new versus remanufactured, the following table shows the savings achieved 
with the refurbishment or remanufacturing processes. 


Table 1. GWP in terms of Kg CO2 equivalent/ton. 


Component New Remanufactured* Savings (%) 
Shield structure 3451 214 94 
Thrust cylinder 8780 2118 76 
Man lock 2484 342 86 
Planetary gearbox 3325 540 84 
Gantry structure 3683 356 90 
Grout tank 3700 788 79 


* According to ITAtech Report N° 5: “Guidelines On Rebuilds Of Machinery 
For Mechanized Tunnel Excavation. 


Figure 9. ACCIONA’s SPO facilities in Toledo (Spain) where the M-30 TBM has been refurbished. 


5 CONCLUSIONS 


This paper resumes the main changes and modifications taken in the TBM used in the M-30 
project in Madrid and applied for the S-19 Project in Poland. ACCIONA performed a deep 
due diligence assessment to check if the TBM could be in feasible conditions. This approach is 
becoming more common in tunneling construction, as construction companies are rarely able 
to reuse the TBMs they own for their future projects. However, to have significant experience 
leveraging refurbished TBMs provides a clear advantage for contractors in project procure- 
ment and for clients, as cost and schedule reductions and sustainability and carbon footprint 
improvements are a consequence of this TBM option. The S-19 project will start excavation in 
mid-2023 and all the experience and lessons learnt form the M-30 excavation will be applied 
and will provide an opportunity for improvement on excavation performance in the project. 
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ABSTRACT: The term “rock mass” involves a complex interplay of two components: the 
intact rock and spatially distributed rock joints of various orientations and persistence. Besides 
the degree of rock mass fracturing, the intact uniaxial compressive strength (UCSi) is a crucial par- 
ameter for estimating feasible penetration rates for tunnel boring machines (TBMs). Therefore, 
typical penetration and excavation rate prediction models rely significantly on properly quantify- 
ing the (UCSi). However, the failure process of rock specimens subjected to uniaxial compression 
can be complex due to internal flaws or heterogeneities on the microscopic scale (i.e., not visible 
before testing by the naked eye), causing premature failure before reaching the true intact rock 
strength. Internal flaws can substantially contribute to the fracture initiation and propagation pro- 
cesses of the rock, and their impact on strength must be considered when defining intact rock 
strength properties for penetration prediction. Improper quantification (e.g. an underestimation 
due to flaws or insufficient specimen preparation) can substantially impact the predicted versus 
the achieved penetration rates, with a significant impact on cost and time. This paper proposes 
an engineering approach including a rigorous filtering process of laboratory results obtained 
according to international standards and regulations. The method allows for a comprehensible 
determination of the unconfined compressive strength (UCS) for penetration prediction. 


1 INTEGRATION OF UNIAXTAL COMPRESSIVE STRENGTH IN PENETRATION 
PREDICTION MODELS 


Fairhurst (1972) describes rock strength as a property of inter-atomic and inter-molecular bonds, 
some strong and others relatively weak, that exist within the rock. However, the rock breakage 
process under the loading conditions of an intender (e.g., the disc cutter of a TBM) is substan- 
tially different from standard rock testing conditions, although the process also includes breaking 
bonded particles, i.e. minerals. Disc cutters mounted on a rotating cutterhead intrude on the rock 
mass under a force (FN) acting in the direction of the tunnel, normal to the tunnel face. The cut- 
ters roll on a circular track around the tunnel axis under a tangential acting force (Fr) applied in 
the rolling direction (Gertsch, 2008). During their circular grooving, the cutters begin to chip the 
rock as it is subjected to normal loading. Aeberli (1978) introduced the first analytical method to 
estimate penetration rate, considering the rock strength and cutter properties assuming Prandtl’s 
theorem, initially considered for soil (see also Kolymbas, 2007). The theorem describes the failure 
process of a stiff cutter (Young’s modulus: 210 GPa) in a softer rock mass (Young’s modulus: 
< 70 GPa). The rock mass is prescribed as a homogeneous, isotropic weightless material that 
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possesses cohesion solely and no friction. The fundamental relation between UCS and cutter load- 
ing, which also underlies the penetration prediction model (PPM) of Gehring (1995), is as follows: 


2 


Gehring basic penetration 


i 
oe 
( 5-T-UCS ) 


Fp =5-%/d-p-T-UCS > p=% 7 (1) 


where FB = bearing capacity according to Prandtl [kN/cutter]; p = penetration rate/ indenta- 
tion depth [mm]; UCS = uniaxial compressive strength of rock [N/mm2]; T = section of cutter 
[mm] and d = diameter of the cutter [mm]. 

The Colorado School of Mines (CSM) model (Rostami, 1993) relies on the correlation of 
actual thrust values at defined penetration with the intact rock properties uniaxial compressive 
strength (UCSi) and tensile strength (TSi). However, the correlation of pressure distribution 
under the cutter and the area of cutter contact with rock strength is empirical and does not con- 
sider a specific cutting theorem. Later, Mishnaevsky (1995) incorporated the phenomenon of 
forming a crushed zone during the chipping process in the direct vicinity of the cutter into his 
model considerations. According to his model, approximately 70 % to 85 % of the total energy 
(cutter loading) is theoretically required to establish this crushed zone. However, the actual chip- 
ping process consumes only 5 % to 10 % of the provided energy. This discrepancy may be 
explained by the fact that the rock fails in an extensional mode outside the crushed zone, result- 
ing in internal cracks and rock chips. Gong (2006) numerically investigated the failure process 
and confirmed that the formation of a crushed zone is accompanied by damage (i.e. tensile fail- 
ure) outside the crushed zone, facilitating the chipping process and supporting Mishnaevsky’s 
assumptions. He concluded that the crushed zone develops due to the high compressive triaxial 
stress induced below the cutter. The observations of Gong (2006) and Mishnaevsky (1995) do 
not support the premises laid out for Gehring’s PPM (Gehring, 1995) or CSM-PPM (Ozdemir, 
2003), which consider unconfined rock strength only. Regardless of the failure mechanism dis- 
cussion, intact rock strength is the main parameter representing rock strength in the empirical 
PPMs. This is because UCS is an index property routinely acquired and available in rock engin- 
eering projects even at early design stages. Thus, the above-discussed PPM relies on empirical 
relations, not actual rock mechanical processes. 


2 ON THE DEFINITION OF UNIAXIAL COMPRESSIVE STRENGTH TOWARDS 
THE PENETRATION RATE PREDICTION 


Bieniawski & Bernede (1977), ASTM (2017) and Mutschler (2004) provide guidelines for the cor- 
rect determination of the UCS of rock. The standards and the suggestions indicate the necessity 
to interpret the results but lack a clear definition in determining the intact rock strength of sam- 
ples containing pre-existing and/or induced flaws. Intact rock properties, as considered within 
PPMs, represent the strength of the rock specimen at failure, not affected by obvious visual 
defects. Anisotropy plays an essential role in rock mechanical testing and refers to strength 
depending on the direction and angle of loading due to a preferred orientation of minerals, layer- 
ing or schistosity (i.e., weakness planes). Various authors elaborated on anisotropic strength (e.g. 
Goodmann,1976). The loading angle dependency significantly impacts the UCSpeak and the fail- 
ure mode described by Bieniawski & Bernede (1977). Therefore, specimens loaded normal or par- 
allel to the plane of anisotropy may involve intact rock failure. This is opposed to specimens 
loaded obliquely to the plane of anisotropy, which may include weakness planes in the failure 
process. The peak strength of the rock depends on various parameters, including rock-specific 
characteristics (natural mineralogical variability, macro and micro defects and the mechanical 
bonding of the minerals) and size/- and testing-specific effects (Amann, 2012). Fairhurst (1972) 
used the term “intact uniaxial compressive strength”, while Ozdemir (2003) used “truly intact uni- 
axial compressive strength” to refer to a test specimen not affected by obvious defects or 
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anisotropy to discard structurally affected samples. Figure 1 shows the distribution of UCS for 
individual rock types taken from six different TBM projects. Besides the various acronyms con- 
sidered for UCS (oe, 6,; and Oek, see Figure 1), the partial volatility expressed by a CoV ranging 
from 7 % to 45 % is remarkable. The consideration of oci and ock in Figure 1 is also misleading, 
since Oci is used in Hoek & Brown (1988) failure criterion, which is not determined from UCS 
tests. The term Gei is a back-projected number stemming from triaxial tests. The rationale is that 
Hoek & Brown (1988) wanted to discard complex failure processes in UCS testing, which van- 
ishes with increasing confining stress. The definition of the characteristic UCS (Sex) can be traced 
back to CEN (2004) and is doubtful since the characteristic value refers to “a cautious estimate 
of ... the mean of a range of values covering a large surface or volume of the ground”. Neverthe- 
less, CEN (2004) mainly focuses on soil and is unsuitable for covering the complexity of rock 
conditions in a small sample, even with a cautious estimate of the mean value. 


Cov: 12% CoV: 16% 
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Figure 1. Distribution of actual anonymised pre-construction UCS characterisation of TBM projects. 


Unfortunately, the necessity of UCSi integration into PPM does not currently follow 
a transparent methodology for sampling and careful test result analysis. 


3 CLASSIFICATION OF INTACT UNIAXIAL COMPRESSIVE STRENGTH OF ROCK 


The evaluation of penetration- and advance rate and integration of experience within empirical 
performance-driven PPM rely on the accurate and comprehensible assessment of geological 
parameters as intact rock strength or a specific fracturing degree (see Wannenmacher, in press). 
Most prediction methods depend on the factors of 1) intact rock characteristics and 2) rock 
mass features. Rock mass-specific features such as fracturing, anisotropy, the orientation of the 
major plane of weakness, and stress conditions are often considered by “correction factors” 
applied to the base penetration rate. The base penetration rate solely depends on the material’s 
intact strength and the applied force for cutting the rock. Therefore, it is essential to elaborate 
on the rock’s strength before considering flaws, planes of weakness or anisotropy. Various 
authors have already established procedures to elaborate on the input parameter strength for 
PPMs. For example, Biichi (1984) considered the maximum value from a series of tests to rep- 
resent the UCSi. However, solely relying on the max. value is biased since it depends on the 
sampling density impacting the specimen population on mean or maximum values, as demon- 
strated by Bewick (2016). Ozdemir (2003) prescribed the essence of a detailed examination 
of the rock’s compressive and tensile strength measurements before consideration in the 
CSM-PPM. Structural failure (shear and axial induced failure) was discarded by Ozdemir 
(2003) to evaluate the “true intact” UCS as input in the CSM-PPM. 

Swedzicki (2007) presented a graphical methodology to interpret shear-/, axial-induced fail- 
ure and multiple failure types. He attributes the multiple failures as the only failure type repre- 
senting intact rock strength. Lately, Bewick (2016) suggested using only homogenous UCS 
(UCS,,) values or, in case of heterogeneous strength conditions (UCS,,), filtering for the 
homogeneous parts with failure through homogeneous intact rock. He considers a coefficient 
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of variation (CoV) of 30% to separate heterogeneous (i.e., CoV > 30%) and homogenous (i.e., 
CoV < 30%) rock classes. The coefficient of variation (CoV) is defined as the ratio of the 
standard deviation (o) to the mean (u) CoV=o/y. Figure 2 represents a flowchart to evaluate 
UCS as part of an engineering judgement process. The methodology is based on a statistically 
sufficient number of UCS tests conducted in compliance with the recommendations of inter- 
national standards or suggestions. Preselection of the specimen regarding visible structures/ 
flaws and testing normal to the foliation/anisotropy is envisaged. 


Step t: 
Analyses of failure pattems 
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Figure 2. Classification scheme for the determination of an unbiased UCS value (UCSTBM) for pene- 
tration prediction. 


Ideally, the population of the unfiltered specimen already represents a rock type with similar 
properties (OEGG, 2013). Therefore, the flowchart (see Figure 2) focuses on a comprehensive 
procedure to evaluate the appropriate strength properties, not affected by structurally con- 
trolled failure and similar in their mechanical characteristic. To avoid particular confusion with 
the terms “intact rock strength” (Bewick, 2016) or “true intact rock strength” (Ozdemir, 2003), 
the rock strength selected for TBM penetration analyses is specified hereafter as UCSrgm. 

Step 1 primarily focuses on discarding structural influenced/controlled specimen failure, accord- 
ing to Swedzicki (2007). Due to mineralogical variability/ bonding within the samples, there is 
a specific relation between strength and failure type (Swedzicki, 2007). The remaining subset of 
test results (i.e. specimen failed through multiple failure modes according to Swedzicki; Figure 1) 
is Statistically examined for their homogeneity (Figure 2). The definition of an unbiased strength 
of rock for penetration prediction of samples not objected to structural controlled failure requires 
confirmation of similar behaviour during the testing. 

In Step 2a, the axial strain at failure is judged. The axial strain at failure is analysed alongside the 
peak strength, neglecting post-failure behaviour. Homogenous conditions are characterised by a 
minor deviation in both strength and strain at failure and result in a cluster of high statistical confi- 
dence. A low CoV for peak strength and strain at failure indicates a homogeneity for the peak 
strength. Wannenmacher (in press) analysed the peak strength and strain at failure of several rock 
types and found a general applicable CoV of less than 15- 20 % to indicate homogeneity. Deviation 
exceeding the specific limit (CoV 2 15- 20%) indicates heterogeneity in the definition of the rock type. 
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Step 2b reviews the characteristic failure process by comparison of the stress-strain curves of 
the samples. The differences in the stress-strain curves allow for the qualitative assessment of 
failure processes and the inherent damage state of the specimens before testing. Deviation within 
stress-strain curves potentially displays a typical premature ruptures or sample damage, which 
have not been identified in step 1. Ideally, the stress-strain curves of the samples not objected to 
structurally failure are readily comparable. The visual method of Eberhardt (1998) is sufficient 
for delimitating the preselected samples. Samples with obviously deviating stress curves indicate 
a variation and demand for a reassessment of rock types. Indeed, more sophisticated methods 
(e.g., determination of crack initiation stress, analyses of microcracks, etc.) are available to 
describe the complex fracturing process during uniaxial compressive strength testing. However, 
considering various ambiguities of penetration prediction models and limitations in rock testing, 
the presented methodology allows for a rational intact rock assessment as an input parameter 
for penetration prediction. The simplistic methodology allows for a comprehensive deduction of 
rock strength for penetration prediction (UCSrgm), complying with an acceptable range of 
homogeneity by consideration of statistically significant axial strain at failure and a similar 
stress-strain behaviour indicating comparable sample damage. 


4 CASE STUDY 


4.1 Analyses of UCS at the tender stage 


Testing of UCS values was taken from a recently completed tunnel project. The metamorphic 
granite shows a typical Mica Orientation Index of 3-5, according to Büchi (1984). The distri- 
bution of the UCS values from the pre-construction phase ranges from approximately 100 
MPa to 330 MPa. The average value of the distribution of the UCS values is 195 MPa. 
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Figure 3. Histogram of peak UCS values for a granitic rock mass as compiled within the pre-construc- 
tion phase. 


The CoV= 30% indicates a heterogeneous UCS distribution, according to Bewick (2016). The 
mean UCS value of the unfiltered distribution corresponds to a penetration rate of P200= 
4.1 mm/rev, according to Gehring (1995). Three UCS tests without structurally controlled failure 
remain valid in the sample population. However, their results range from 210 — 330 MPa and 
hence do not allow a reliable and meaningful definition of the UCS;gm. However, according to 
Gehring, the average peak strength of 275 MPa (UCS,,,) corresponds to a penetration rate 
Pr00kn Of 2.9 mm/rev. Therefore, the difference between unfiltered and filtered (i.e. after discard- 
ing structural controlled failures) UCS values in the pre-construction phase corresponds to 
a difference of 30 % for the predicted penetration rate. 


4.2 Analyses of UCS from construction stage 


Core sampling during the excavation allowed for a comprehensive analysis of the UCS towards 
intact strength. The unfiltered distribution of all UCS tests reveals an average UCS value of 
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225 MPa. However, the difference in the average UCS values from the pre-construction and 
construction phases is solely impacted by the specimen population of the distribution. Figure 4 
illustrates the process of UCS evaluation considering Step 1 and Step 2a/b. 


Step 1: 
Analyses of failure pattems 
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Figure 4. Compilation of the Intact UCS determination process, Step 1: Analyses of failure patterns/ 
Step2a: Confirmation of the homogeneity and Step2b: Confirmation of sample damage. 


Discarding structural failures from UCS values obtained during the construction phase 
reveals an average value of 283 MPa, a positively skewed strength distribution. The CoV 
of approximately 10 % indicates homogenous strength distribution. The analysis of the 
axial strain at failure reveals an average strain of 0.76 [-] with an approximate CoV of 
10 %. The samples without structurally controlled failure show coherent linear to slightly 
moderate damage. The derived average intact UCS value slightly deviates from the ini- 
tial distribution of non-structural failure as evaluated from the limited pre-construction 
data, resulting in a more reliable UCS value for PPM, resulting in a more reliable pre- 
diction of building time and costs, etc. The analyses of the specific project under consid- 
eration yield an unbiased mean UCSygm value of 283 MPa, characterised by statistical 
validity of a CoV of 10 %. 


4.3 Examination of feasible penetration rate and rock strength 


Various authors have described and outlined a direct correlation between the UCS value 
and feasible penetration rate normalised to the specific thrust per cutter. The feasible pene- 
tration rate refers to the penetration rate derived by PPM as it is not objected to any oper- 
ational constraints of the TBM (as opposed to the achieved penetration rate). Figure 5 
shows the analyses of the achieved average penetration rates per stroke, the specific pene- 
tration per stroke and the peak strength values. The left part of Figure 5 shows the data 
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points representing the UCS values towards the achieved penetration rates per stroke, while 
the right part of Figure 5 shows the specific penetration (SP). The data points are subdiv- 
ided into structural controlled failure (grey points) and non-structural failure/ multiple frac- 
turing (blue points). Gehring’s (1995) base penetration function, as indicated in Figure5 
(left side), shows only a medium fit, regardless of the failure type of the UCS, with actual 
data. However, according to Gehring (2011), the base penetration function is limited to an 
intact rock strength of up to 200 MPa and always requires a normalisation of the cutter 
loading. The base penetration function of Gehring considers a cutter loading of 200 kN. 
The SP normalises the penetration towards the applied thrust and refers to the reciprocal 
field penetration index (FPI) (Nelson, 1983). 
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Figure 5. Correlation of the average Penetration Rate per stroke and Uniaxial Compressive Strength, 
considering the Base Penetration Function Gehring (1995) (left side) and correlation of the average Spe- 
cific Penetration per stroke and Uniaxial Compressive Strength, considering the Specific Penetration 
Function of CSM and Gehring, the blue area marks the feasible Specific Penetration, considering frac- 
tured rock masses (right side). 


Figure 5 (right side) considers the data points of SP and UCS as well as the SP gradients for 
the Colorado School of Mines (CSM) model and Gehring’s model for massive and fractured 
rock mass conditions. The SP was derived by the Ylvie-method (Schlicke, 2022). The data 
points for non-structural/ mixed mode failure, representing intact rock strength, show a good 
correlation with the SP defined by Gehring’s model. However, the SP gradient of the CSM 
model lacks a precise fit to actual data. With decreasing rock strength (transition from non- 
structural to structural failure), the actual SP deviates toward the reference curves of Gehring’s 
model, rerepresentingnfractured/ massive rock mass conditions. Considering the underlying 
massive to a blocky appearance of the rock mass, the deviation of the actual SP towards feas- 
ible SP is aggregated. The increasing variety of measured SP with decreasing UCS confirms the 
importance of an engineering judgement of UCS test results for penetration and advance rate 
prediction. 


5 CONCLUSIONS 


The engineering judgment to obtain appropriate strength parameters for TBM penetration 
rate estimation remains a challenging task in rock mechanics. The layout of various PPM 
models (Biichi or Gehring) requires a strict partition of rock and rock mass characteristics to 
avoid double entry in the performance estimation. The presented methodology allows for the 
definition of UCS based on a comprehensible engineering judgement. The outlined method 
discards the effects of flaws and anisotropy and eliminates potential bias in random sampling 
and the impact on the 

specimen population. The procedure provides a reliable strength of the rock types under 
consideration with similar mechanical behaviour and inherent sample damage. Representative 


1500 


parameters for homogeneous material are defined by CoV of less than < 15- 20% and 
a coherent stress-strain behaviour towards the sampling damage. Rock strength fulfilling the 
criteria for unbiased characterisation is defined as UCSTBM and will enhance confidence in 
TBM PPM. 
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ABSTRACT: Bentonite slurries are commonly used for tunnel face stabilization during slurry 
shield tunneling. In highly permeable soils uncontrolled slurry flow into the adjacent soil can 
cause loss of support and ultimately lead to a collapse of the tunnel face. In this contribution, 
innovative slurry flow tests were carried out to investigate slurry penetration in coarse soils, con- 
sidering the influence of the slurry, the soil and the applied fluid pressure. Experimentally, 
a clear correlation between the slurry penetration, fluid pressure, rheological properties of the 
slurry and permeability of the soil was observed. Based on the 1D-Navier-Stokes equation, 
a semi-analytical model to estimate the slurry penetration in coarse soil as a function of the 
characteristic shear resistance of the slurry determined with a rheometer, the soil permeability 
and the fluid pressure was derived. The experimental results indicate that using appropriate ben- 
tonite-filler mixtures slurry shields become feasible, even in very highly permeable soils. 


1 INTRODUCTION 


Due to their unique rheological properties, bentonite slurries are used in a wide range of geo- 
technical engineering problems. The most common geotechnical applications are the lubrication, 
cooling of cutting tools, removal of cuttings during drilling, the temporary support of boreholes 
for piles and open trench panels for diaphragm walls, micro-tunneling, driving of sheet piles and 
the mixture with hydraulic binders and other fillers for the construction of water cut-off walls 
and for various types of grouting. In slurry shield tunneling, bentonite slurries are used to stabil- 
ize the tunnel face and to carry away the loosened soil via pipes. (e.g. Praetorius & Schößer, 
2015; DIN 4126:2013-09, 2013; Heinz, 2006) 

However, for each application purpose the slurry needs to fulfil certain requirements. During 
slurry shield tunneling, on the one hand, a low viscosity fluid is advantageous to reduce friction 
within the slurry pipes and ensure pumpability (e.g. Praetorius & Schößer, 2015). On the other 
hand, a minimum viscosity and/or yield stress are required to reduce slurry penetration into the 
adjacent soil (e.g. Anagnostou & Kovari, 1994). Particularly in highly permeable soils, deep 
slurry penetration, in extreme cases uncontrolled slurry flow into the soil, leads not only to large 
slurry consumption and affects the environment, but can induce large deformations and even 
collapse of the tunnel face. Hence, the information on slurry penetration is crucial for safe, cost- 
efficient and environmentally friendly tunnel construction. 


2 STATE OF THE ART 


The mechanism of support and stabilization depends upon the transfer of the support pressure 
onto the tunnel face, which again is dependent on the slurries rheological properties and the 
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adjacent soil’s permeability (e.g. DIN 4126:2013-09, Anagnostou & Kovari, 1994). If the 
required shear resistance exceeds the shear stress developed by the slurry, the slurry will flow 
into the surrounding soil. The deeper the penetration is, the larger the slurry loss and the 
weaker the support provided by the slurry (e.g. Anagnostou & Kovari, 1994). In general, 
three types of slurry penetration can be identified (Min et al., 2013; DAUB, 2021): 


a) formation of an (external) filter cake: dissipation of hydraulic potential within a thin layer, 
clogging on the tunnel face 

b) penetration: dissipation of hydraulic potential within a large area of the adjacent soil, no 
stagnation and thus continuous slurry loss 

c) formation of an (internal) filter cake: dissipation of hydraulic potential within a relatively 
large area compared to mechanism a), clogging within the soil skeleton 


In connection with the stabilization of the tunnel face, Zizka (2019) investigated bentonite 
slurry penetration. He described two types of slurry penetration: shallow (full removal of the full 
filter cake by the cutting tools) and deep slurry penetration (partial removal). In the present inves- 
tigation highly permeable soils are presented, with corresponding slurry penetration much greater 
than the soil removal by the cutting tool. Hence, soil-cutting tool-interaction is neglected. 

In the literature, various studies on the penetration behavior of modified slurries were per- 
formed. For example, Fritz (2007) conducted penetration tests for the Zimmerberg Base Tunnel, 
which show that adding vermiculite and sand to polymer-bentonite slurries enables excavation 
even in very highly permeable soils. Heinz (2006) conducted tests with polymers, shredded paper, 
vermiculite, sawdust, and other additives and concluded that a sufficiently high yield stress of the 
slurry in combination with a filler that clogs the soil pores is required for filter cake formation. 

With the development of the Variable-Density-TBM (VD-TBM), which was first applied in 
the Klang Valley MRT-Project in Kuala Lumpur (Straesser et al., 2016), ‘High Density Support 
Media’ were investigated as a support medium for the continuous tunnel advance. VD-TBMs 
combine slurry and earth pressure balance shields (EPB), allowing higher support medium dens- 
ities up to 1.9 g/cm3, thus allowing tunnel drives in highly permeable soils with tolerable slurry 
loss (Burger & SchéBer, 2015). Fillibeck et al. (2022) investigated bentonite slurries modified 
with fine-grained and coarse-grained fillers. They concluded that generally slurry penetration of 
slurries with coarse fillers is dominated by filtration and pore clogging mechanisms, whereas the 
rheological properties are decisive for the penetration of slurries with fine-grained fillers. 

However, to the authors’ knowledge, no scientific investigations were conducted so far on 
reducing slurry penetration in highly permeable soils solely by modifying slurry properties 
with the addition of fine-grained fillers, which do not clog the soil’s pores and predicting 
slurry penetration on (hydro-) mechanical principles, as will be presented in this study. 


3 RHEOLOGICAL PROPERTIES OF BENTONITE SLURRIES 


The rheological behavior of bentonite slurries can be characterized as non-Newtonian with shear- 
thinning and time-dependent, thixotropic flow behavior (e.g., Praetorius and Schößer 2015, Lin 
et al. 2021). In contrast to Newtonian fluids, non-Newtonian fluids show a nonlinear relationship 
between shear stress and shear rate. The viscosity, defined as the ratio of the shear stress and the 
shear rate is not constant at a given temperature and pressure, but rather depends on the flow 
conditions such as flow geometry, shear rate, the stress- and kinematic-history and time. 

Hence, the rheological characterization of non-Newtonian fluids is far from straightforward. 
Particularly in slurries, rheological measurements are complicated by dispersive, dissipative, and 
thixotropic mechanical properties (Chhabra & Richardson, 2008). In regard to practical construc- 
tion applications, commonly relatively simple index tests, such as the ball harp (as defined in DIN 
4127, 2014) and the Marsh Funnel (as defined in DIN 4127:2014-02 and API-RP-13B-1, 2021) are 
conducted to determine fluid parameters. Regarding scientific investigations, rotational rhe- 
ometers are commonly used to determine the shear behavior of non-Newtonian fluids. Rotating 
tests are used to determine the relationship between shear stress and shear rate as also indicated in 
API-RP-13B-1 (2021). Oscillating tests are mainly used to determine the relationship between the 
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stress and strain of the fluid. For a fluid, the relationship between the amplitude of strain y, and 
stress t, can be described by the relationship ta = G*y,, where G* = G' + iG” and is the complex 
shear modulus. The storage modulus G’ describes the elastic part of the fluid behavior, while the 
loss modulus G” describes the viscous part. With the phase angle tan ô= G”/G' varying in the 
range from almost 0 to almost z/2, the behavior of bentonite slurries can change from quasi-solid 
to quasi-fluid depending on stress and strain history and time. According to Mezger (2016) and 
Heinz (2006), in non-Newtonian fluids tan ô = 1 defines the crossover point, i.e. the transition 
from solid-like (tand<1) to liquid-like behavior (tand>1). The shear stress at the crossover 
point tco = G'y, = G"y, represents the yield stress (Heinz, 2006). 


4 EXPERIMENTAL INVESTIGATION 


4.1 General information 
The objectives of the experimental investigation are to investigate: 


a) the effect of adding fine-grained materials on slurry properties 
b) the influence of slurry and soil properties on slurry penetration 


4.2 Used materials 


A uniformly graded gravel S1 was used to model a highly permeable soil. Additional tests 
with a uniformly graded sand S2 and uniformly graded gravel S3 were performed to investi- 
gate the influence of soil permeability. The soil characteristics and the grain size distributions 
are shown in Table 1 and Figure 1, respectively. 


Table 1. Characteristic soil properties. 


Soil S1 S2 S3 
Sample density [g/cm°] 1.75 1.5 1.71 
Grain size range [mm] 4-8 0.6 - 1.2 8-16 
d10 [mm] 4.2 0.71 8.2 
Permeability k [m/s] 2.8E-2 3.7E-3 3.8E-2 


The bentonite slurries were prepared with a soda activated calcium bentonite as commonly 
used in tunnel construction. Four different fine-grained soils, delivered as powder in 25 kg PE 
bags, were used as filler material to modify the slurries’ rheological properties. The filler 
materials were three clays with different plasticities and one limestone powder without plastic 
behavior for comparison purposes. Their Plastic Limit and Liquid Limit and their grain size 
distributions are shown in Table 2 and Figure 1, respectively. 


4.3 Slurry classification 


All slurries were classified prior to the penetration tests. Dynamic fluid properties were deter- 
mined using a rotational rheometer with coaxial cylinders of the Searle type (Anton Paar MCR 
502) at constant temperature (20°C). In the rotational tests the shear resistance tsg9 at a shear 
rate pf 500 s-1 was determined, interpolating between shear rates of 400 s-1 and 600s-1 assuming 
Bingham behavior. Accordingly, the Bingham yield stress ting at zero shear rate was deter- 
mined using extrapolation. Oscillatory tests (angular velocity o=const.=10rad/s) were conducted 
to determine the shear stress tco at the crossover point. Since slurry stagnation, from a physical 
point of view, is related to a transition from fluid-like to solid-like behavior, the crossover point 
was determined, as explained in Section 3 with decreasing yield stress. For comparison reasons, 
simple index tests (ball harp, Marsh-Funnel and slurry density) according to DIN 4127:2014-02 
(2014) and API-RP-13B-1(2021) were included in the testing program. 
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5 SLURRY PENETRATION TESTS 


5.1 Description of the test set-up 
Slurry penetration as a function of time and pressure was investigated using the test set-up 
illustrated in Figure 2. The set up consists of three acrylic glass cylinder elements, each having 
a height of 50 cm each and an inner diameter of 11.9 cm. 
Table 2. Plastic and Liquid Limit of the fillers used. 

High plasticity Medium plas- Low plasticity 


Bentonite clay ticity clay clay clay Lime stone powder 
Denomination B CIH CIM CIL LSP 
Liquid Limit LL [%] 374 60 45 31 not applicable, no 
Plastic Limit PL [%] 30 29 18 18 plastic behavior 


supply with 


) 
0,002 0.006 0.02 0.06 02 0,63 2 63 20 63 
Grain size [mm] 


3 segments, each 50 cm 


m 


Figure 1. Grain size distribution of the fillers and the soil 
samples. 


Figure 2. Experimental set-up used 
for the penetration tests. 


The testing procedure was as follows. First, the soil sample was installed with defined properties 
(cf. Section 4.2), which are controlled by means of a permeability test. Next the water was drained 
until the water level was exactly at the top edge of the soil sample. Then the slurry was poured 
from the slurry tank until a slurry level of 20 cm above the soil sample was reached. The slurry 
level was kept constant throughout the tests in order to keep constant hydrostatic pressures. The 
slurry penetration was started by opening the valve at the base plate. In the subsequent phases, 
slurry penetration was observed: initially only under hydrostatic pressure of the slurry’s self- 
weight and afterwards with an additional (air) pressure. During the tests, the volume of the dis- 
charged water of the saturated soil sample was recorded. Slurry penetration depth was measured 
manually during the tests. However, slurry penetration as a function of time was calculated with 
the approach of Zizka (2019) according to Equation. (1). 


l Vmax (1) 


where /,(t) = penetration depth as a function of time, J, jn. = penetration depth at end of the 
test, V(t) = discharged water volume at time t and V,,,,.= discharged water volume at end of test. 
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5.2 Testing program 


In the following diagrams the slurry and soil sample used are designated in the form Bw-Xy- 
Sz, from which the bentonite content w in g/l, the filler x and the filler content y as well as the 
soil sample type z according to Section 4.2 can be read directly. For example, B60-CIL300-S1 
indicates a slurry with 60 g/l bentonite, 300 g/l of the filler CiL (low plasticity clay) and soil 
sample S1. Bentonite and filler content are indicated with regards to 1 liter water. 

Throughout the tests bentonite and filler content, filler material and soil sample were varied 
resulting in a total of 22 penetration tests. 


6 EXPERIMENTAL RESULTS 


6.1 Slurry classification 


Figure 3 Illustrates the Bingham yield stress tging, the shear stress at crossover point tco and 
the slurry density p, of the slurries investigated. 
Three general conclusions can be drawn: 


a) Slurries without bentonite only exhibit very low yield stresses. 

b) There is no direct correlation between slurry density and its yield stress (neither Bingham 
yield stress Tging nor shear stress at crossover point tco). 

c) Bingham yield stress ting and yield stress at crossover point tco show the same tendency. 


6.2 Slurry penetration 


Selected test data are illustrated in Figure 4 and Figure 5. The colored curves represent the pene- 
tration depth /, (left y-axis) as a function of time and applied pressure pọ. The black line illustrates 
the idealized applied pressure pp (right y-axis) as a function of time. Hence, the applied pressure 
and the corresponding penetration depth can be read at any time (e.g., for B60-CiL600-S1 at =20 
min: /,=72 cm, po= 50 kPa). 

Looking at Figure 4, one easily sees, that the higher the soil permeability (ks3>ks1>ks2), 
and their dzo, the higher the slurry penetration which is in accordance with the literature and 
standards reviewed. Also, compared to slurries with an addition of a filler, pure bentonite slur- 
ries exhibit a higher slurry penetration (B60-S2 vs. B60-CiL600-S2). 

Figure 5 illustrates the influence of type of filler material on slurry penetration. Addition- 
ally, the shear stress at the crossover point (the first value in each case) and the Bingham yield 
stress (the second value in each case) are indicated in the legend entries. 


— — or SO O .- ww 


Figure 3. Bingham yield stress tgj,z, shear stress at crossover point tco and slurry density p, of the 
slurries. 
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Figure 4. Slurry penetration curves of selected Figure 5. Slurry penetration curves of selected tests. 
tests. Influence of soil type. Influence of type of filler material and rheological 
parameters (tco/Tging indicated in legend entries). 


The slurry B60-LSP600-S1 with non-plastic fillers penetrates the soil sample quickly, even at 
relatively low pressures of 50 kPa. The other slurries exhibit lower penetration and penetrate the 
1 m soil sample at pressures of 75 kPa (B60-CIL600-S1) and 125 kPa (B60-CIH600-S1), while 
B60-CIM600-S1 only penetrates the soil sample to approximately 97 cm at the highest applied 
pressure of 175 kPa. Considering the rheological properties of the slurries, a clear tendency can 
be seen. The higher the yield stress, the lower the penetration depth. 

Generally, different filler materials lead to different rheological properties, even at compar- 
able densities. Thus, the estimation of penetration depth cannot be done only by the slurry 
density or the amount of filler added. However, for the same filler material, the addition of 
a larger amount of filler to the bentonite slurry will increase slurry yield stress and result in 
a lower penetration depth. 


7 SEMI-ANALYTICAL APPROACH FOR THE ESTIMATION OF SLURRY 
PENETRATION 


The flow of a Newtonian, incompressible and isothermal fluid is mathematically described by 
the Navier-Stokes equations For one-dimensional flow the Navier-Stokes equation reduces to 


F (2) 


Ox ` Bog” 


ôv ma ôP @y 
Plat "ax 


where v = flow velocity; P = fluid pressure; u = dynamic viscosity; F = sum of the external forces 
acting on the fluid. At slurry stagnation, the terms containing velocity and acceleration vanish: 


aa ðv = Pv 
Pia ax A oa 


The forces acting on the slurry are the gravity force y, = pg and the shear force f per 
volume unit transferred from the fluid to the soil skeleton. The shear force results from the 
rheological properties of the slurry, the granulometric properties of the soil and the pore sizes, 
in which the slurry is flowing. Equations (2) reduces to: 


oP 


0 (3) 


In the stagnation zone (cf. Figure 6), a constant slurry density p,, a constant shear force and 
a linear gradient are assumed. Considering the fluid pressure at the top and the bottom of the 
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soil sample po and at the stagnation front y,,/,, respectively, the stagnation depth /, can be 
determined from Equation. (5): 


Yw ` lp — Po Po 
-= 4+, - =0-],= 5 
lp k f á wr +f (5) 


Alternatively, the force f can be determined as a function of the measured stagnation depth: 


Yw lp =Po | _ Po 


f= s= wT ta (6) 
P 


lp 


Figure 7 illustrates the evolution of f over time for three different tests. At each pressure 
increase f increases spontaneously, which corresponds to a sudden increase in penetration depth. 
As the penetration velocity slows down, f approaches a constant value. As can be seen, f increases 
with increasing slurry yield stress (B60-TM300-S1 vs B60-TM600-S1) and with decreasing soil 
permeability (B60-TM300-S1 vs. B60-TM300-S2). The higher f, the higher the forces transferred 
from the fluid on the the soil skeleton and thus the lower the slurry penetration. 

For better comparability, f was divided by the soil permeability k assuming a linear relation- 
ship between penetration depth and permeability, as it is done in DIN 4126:2013-09(2013). 


B60-TM300-S1 
—*— B60-TM600-S1 
— 6 B60-TM300-S2 


pressure increase 


0 10 20 30 40 50 
time [min] 


Figure 7. Exemplary illustration of f-evolution as 
a function of time for different slurry and soil 
Figure 6. Forces acting on the stagnation front. properties. 


0 10 20 30 40 50 60 


Figure 8. f as a function of Tsing and tco With their linear best-fit curves and 95 % confidence interval 
for TBing- 
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The resulting function fas a function of the characteristic shear stresses TBing aNd Tco is illus- 
trated in Figure 8. Additionally, the linear best-fit as well as the 95 % confidence interval for 
Tging are included. As can be seen, the relationship between f and the characteristic shear stres- 
SES Tging aNd Tco is nearly linear. 


8 CONCLUSION 


To reduce slurry penetration in practical applications, following recommendations can be drawn: 


a) The use of bentonite is mandatory for the development of a yield stress and the stability of 
the slurry. 

b) The type of filler material greatly influences slurry properties and thus penetration depth. 
The rheological properties must be determined for every type and concentration of benton- 
ite and filler material. 

c) The slurry density is insufficient to estimate slurry penetration. 

d) It was shown that the final penetration depth (i.e. stagnation = stationary conditions) can 
be prognosed based on slurry properties. 


The proposed test setup enables the investigation of the slurry penetration. With the semi- 
analytical approach, resulting from Figure 6 and Equation. 5, the slurry penetration depth can 
be estimated as a function of the soil permeability, the characteristic shear stress, the slurry dens- 
ity and the fluid pressure. It is worth noting that the correlation of f with other slurry properties 
used in practice, e.g. the static yield stress and the Marsh time, showed a significantly lower 
quality. The results indicate that slurry shields become feasible in very highly permeable soils 
using bentonite-filler mixtures. However, future research is planned to evaluate the applicability 
of the proposed approach with field measurements and observations. 
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mechanized tunnelling 
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ABSTRACT: An advanced processes-oriented computational model for mechanized tunnel- 
ling has been extended to consider ground improvement by employing artificial ground freez- 
ing during the tunnel construction and excavation process. A numerical study is presented, in 
which the numerical simulation of the tunnel drive through a frozen ground is performed. The 
model considers the thermo-hydro-mechanical behaviour of the frozen ground and is capable 
of simulating tunnel advancement with mutual interactions between all relevant components, 
In this paper, the influence of the heat source induced by the TBM on the frozen ground 
during tunnel construction and the TBM advancement process is investigated numerically. 


Keywords: mechanized tunnelling, artificial ground freezing, finite element method 


1 INTRODUCTION 


Mechanized tunnelling is an automatized construction method for tunnelling widely used in 
the construction of new urban infrastructure in heterogeneous and complex geological condi- 
tions. In urban areas characterized by settlement-sensitive buildings or infrastructure, the use 
of soil freezing intervention may be favorable used to improve the ground support condition. 
The application of mechanized tunnelling in conjunction with the soil freezing method, how- 
ever, represents a challenge due to the complex thermo-hydro-mechanical interactions 
between the frozen and unfrozen surrounding soil and the advancement process of the tunnel 
boring machine (TBM). Therefore, computational models assist to make predictions or study 
possible risk scenarios during the tunnel construction process. A process-oriented computa- 
tional model for mechanized tunnelling in fully saturated soft soil has been proposed by 
(Kasper and Meschke, 2004),(Kasper and Meschke, 2006). This model has been re- 
implemented into the open-source software Kratos (Dadvand et al., 2010) and extended for 
the modelling of air compression support intervention using a partially saturated soil formula- 
tion (Nagel and Meschke, 2010), steering under arbitrary curve alignments (Alsahly et al., 
2016), and segment-wise lining installation (Marwan et al., 2021). In this paper, this process- 
oriented model has been coupled with a soil freezing model (Zhou and Meschke, 2013). The 
novel process-oriented model for mechanized tunnelling is capable to drive through the frozen 
and unfrozen ground. The structure of the paper is as follows: Firstly, the computational 
framework for the modelling of ground freezing is explained. Next, the extension of the pro- 
cess-oriented model to consider ground freezing is summarized. After that, a numerical study 
of the interaction of a TBM with soft ground stabilized using of soil freezing, including the 
heat source input from the TBM, is presented. 
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2 COMPUTATIONAL MODELLING OF GROUND FREEZING 


The theoretical background for the computational modelling of ground freezing is based on 
the theory of poromechanics of freezing material (Coussy, 2005) and the theory of premelting 
dynamics (Wettlaufer et al., 1996). The ground freezing computational model is formulated 
within a framework of a coupled thermo-hydro-mechanical finite element model, see (Zhou 
and Meschke, 2013). 


@ Three-phase ground model 


© Hydraulic jacks 
© Lining 
5) Grouting 


Figure 1. Computational finite element model for mechanized tunnelling. 


2.1. Thermo-hydro-mechanical finite element formulation 


The spatial discretization is formulated using mixed finite element method where the primary 
variables are the displacement u, liquid pressure PL and temperature T. In this formulation, 
the displacement field u is approximated using quadratic shape functions, and the liquid pres- 
sure PL and temperature T are approximated using linear shape functions. The temporal dis- 
cretization of the equations system is formulated using the generalized-a time integration 
scheme. The complete details of the finite element formulation can be obtained from (Zhou 
and Meschke, 2013). 


3 COMPUTATIONAL MODEL FOR MECHANIZED TUNNELLING MODEL 
CONSIDERING GROUND FREEZING 


In this section, the computational model for mechanized tunnelling considering ground freez- 
ing is summarized. The model considers several discrete components which are relevant 
during step-wise excavation, tunnel construction and TBM advancement through the ground. 
The components of the computational model are illustrated in Figure 1. 


4 A NUMERICAL STUDY OF MECHANIZED TUNNEL ADVANCEMENT 
TROUGH FROZEN SOILS 


4.1 Model setup 


The model setup for the numerical study is depicted in Figure 2. The material properties are 
listed in Table 1 and Table 2. The tunnel geometry is depicted in Figure 2(b). The tunnel is exca- 
vated in 24 excavation steps of excavation lengths wWexcayation = 1.5 m. The numerical study is 
conducted in two simulation stages. The first simulation stage consists of the stabilization of the 
ground employing artificial ground freezing. The ground freezing is modeled considering a pipe 
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arrangement according to Figure 2(c). The temperature of pipes is cooled down linearly from 
T initial = 12°C to Tying = —30°C within a time period of 4 d. After reaching the minimum freez- 
ing temperature of the pipes, active freezing is simulated till a frozen ring with a thickness of 
approximately w;-.~1.8m 1 is formed, which occurs after t=40d. The second stage considers the 
simulation of TBM advancement through unfrozen and frozen ground, and the study of the 
influence of the TBM as a heat source on the frozen ground. The TBM advances with a velocity 
of vrgm= 2m/h 2m/h and the ring construction time is ¢,ing = 0.75h quadratic shape functions, 
and the liquid pressure PL. In the second stage, the analysis is performed considering that the 
active freezing is turned off. In this paper, the effect of the ground water flow is not considered 
and non-hysteretic loop in the liquid saturation curve during the freeze-thaw cycle is assumed. 
Furthermore, the discussion of the results is limited to the resulting ice saturation state of the 
ground, ignoring the effects on the water pressure distribution and the displacement field. 


(a) 
(b) Ground water level 


à 9.45 m 
14.4 m 
88.5 m 4 ' y 
A A 
(c) ty 36 m 
6.3 m 
A 
77 Yy 
TT m I 
SS eee 1 
Toround = 12°C 28.65 m 
32 pipes with Tmin= -30 °C 


44.4 m 


Figure 2. Model setup of the mechanized tunnelling with artificial ground freezing. a) 3D view of the 
ground domain and the freezing pipes. b) Tunnel geometry. c) Ground freezing pipes distribution. 


Table 1. Material properties of unfrozen and frozen soil. 


Density Heat capacity Thermal conductivity Porosity Permeability 
p c A o K 
Kg/m? J(Kg K) W/(m K) — m/s 
Sand 2650 900 1.8 0.41 0.000241 
Water 1000 4180 0.56 - - 
Ice 917 2100 2.24 - - 


Table 2. Material properties of unfrozen liquid saturation model. 


Bulk freezing point Freezing Entropy Characteristic cooling Pore size distribution 


Ty f AT oh m 
K MPa/K °C = 
273 1.2 1.0 0.7 


1512 


4.2 Influence of TBM heat sources on the frozen soil during TBM standstill 


To model the effect that a longer period of heat exposure might have on frozen ground, 
a standstill of the TBM is simulated with a duration of tstandstiu = 8 h. The TBM standstill is 
assumed to occur at excavation step 12. The heat sources coming from the TBM are modelled 
by means of a heat convection-type boundary condition, g* = heom A(T — Tx), where Meony is 
the convection heat transfer coefficient and T» is the external reference temperature. Heat 
convection-type boundary conditions are applied on the excavation face, and around the exca- 
vated tunnel to represent the heat input from the TBM skin and tail void grouting. The ana- 
lysis is performed considering the parameters for convection heat transfer coefficients for the 
excavation boundary Askin = 10 W/ (mK) and for the excavation face Mface = 100 W/ (m? K). 
The reference temperature inside the tunnel is considered as Tp = 30°C and is applied uni- 
formly. The advancement of the TBM and its position at different excavation steps in con- 
junction with the ice saturation state of the ground is depicted in Figure3. The ice saturation 
contour before and after the TBM standstill is visualized in Figure 4. Figure 4(b) and (d) show 
the spatial ice saturation distribution in the excavated ground at the beginning and the end of 
the TBM standstill, respectively. The ice saturation distribution in 4(b) and (d) shows, that 
further thawing takes place behind the excavation face during the TBM standstill. 


(a) xc[-] 0.0_0.2 0.4 0. 00.2 0.4 0.6 0.8 1. 0.81.0 excavation step 8 9 begin TBM standstill at excavation step 12 


(b) end TBM standstill at excavation step 12 (d) excavation step 19 


Figure 3. 2D view of the ground ice saturation state at different TBM excavation steps. 


5 CONCLUSIONS 


The effect of hygro-thermo-mechanical interactions during machine driven tunnel excavation 
through a portion of soft soil strengthened by artificial ground freezing has been analyzed 
numerically. The results show, that the heat exposure time is an important aspect to be mod- 
elled since it may induce partial thawing of the frozen ring. The exposure time is related to the 
speed of advance of the TBM or the standstill time at a specific position. In this study, the ice 
saturation contour shows the local loss of the frozen body along the inner surface of the 
closed frozen ring. The effects of groundwater flow, which have not been presented in this 
paper, will be shown in the final presentation. Also, the influence of different heat exposure 
times and the study of the consequences of the thawing effects on the stability of the tunnel 
will be the subject of further investigations. 


ACKNOWLEDGEMENTS 


This research is funded by the Deutsche Forschungsgemeinschaft (DFG, German Research 
Foundation) — Project number: 77309832 within Subproject C1 of the Collaborative Research 
Center SFB 837 Interaction modelling in Mechanised Tunnelling. 


1513 


xc|-] 0.0 0.2 0.4 0.6 0.8 1.0 


e- - 


begin TBM standstill end TBM standstill 


Figure 4. 3D view of the frozen ring ice saturation state with iso-surfaces at the beginning and at the 
end of the TBM standstill. 
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ABSTRACT: The shield tunnelling is a tunnel construction method that can prevent the gener- 
ation of noise and dust on the ground surface, and it has been often used in areas where reduction 
of impact on the surrounding environment is particularly required. To further reduce the environ- 
mental burden of the shield tunnelling method, an environment-friendly tail grease namely 
“SEALNOC BD” was developed by replacing the conventional material of tail grease used for 
a water tightness mechanism of a Tunnel Boring Machine (TBM) with a biodegradable and low- 
toxic material. Through the performance test and the application to actual construction works of 
this developed product, it was confirmed that the basic performance was equivalent to or more 
than the conventional product. Furthermore, this product has acquired the first “Eco Mark” certi- 
fication as a tail grease, under the only Type I environmental label in Japan in accordance with 
the ISO 14024. 


Keywords: Shield tunnelling, Tail grease, Biodegradation, Environmental burden reduction 


1 INTRODUCTION 


With an increase in the multiple layers of underground utilization for many purposes such as 
lifelines, traffic networks and underground rivers to ensure effective utilization of limited land 
and landscape preservation, the shield tunnelling method has been widely used as a non-open 
cut tunnel construction method. As the shield tunnelling method requires less work on the 
ground, it allows a significant reduction of noise, dust and other impacts of construction works 
on neighboring residents. On the other hand, little attention has been paid to the fact that part 
of the temporary grease material used for the shield tunnelling method partially remains in the 
ground. As a response to a greater need for environmental consideration including ensuring of 
safety and security of groundwater and soil in recent years, Obayashi Corporation and ENEOS 
Corporation focused on this grease material and jointly developed an environment-friendly tail 
grease namely “SEALNOC BD” that can reduce environmental burden. This paper introduces 
the performance test results and the field application test results of “SEALNOC BD”. 
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2 OVERVIEW OF SHIELD TUNNELLING METHOD AND TAIL GREASE 


In the shield tunnelling method, a TBM equipped with a cutter head excavates the ground 
while maintaining the balance of soil and water pressures, and after forward pushing by 
thrust jacks, the precast segments are assembled inside the TBM to construct a tunnel. As 
the outer diameter of the segment is smaller than the excavation diameter and a gap (tail 
void) is generated between the segment and the ground, backfill grout is filled as the excava- 
tion advances. 

The tail seal (Figure 1) is installed at the rear of the shield body to prevent the inflow of 
groundwater containing sediments and backfill grout into the TBM. The standard tail seal has 
brushes of bundled fine steel wires that follow the movement of the TBM. The tail grease 
(Photo 1) is a material that fills inside and between the brushes to secure water tightness against 
the external water pressure (Figure 2). 


Tail grease sticking to the segment 
remains in the ground. 


\ 
| Cutter head | Shield body _| \ 
if 


ba 


Ground 


Segment 


Photo 1. Tail grease. 


Groundwater, backfill grout 


Ground 


- -— Y: 


lii : 
AN Tsere] 
Tail grease 


: Wire brush (adhesion to be outer 
Shield body (skin plate) _ | surface of the segment) 


Tail grease 


Steel plate Wire brush 


Figure 1. Tail seal. Figure 2. Sketch of inflow prevention. 


As the TBM advances, the tail grease semi-permanently remains in the ground while adher- 
ing to the outside surface of the segment. Concerning this issue, attention was paid to the fol- 
lowing matters. 

(1) As the conventional tail grease mainly uses a material that is not biodegraded in a short 
term, its continuous permeation and elution into groundwater can have an impact in 
places where groundwater is used. 

(2) In recent years, shield tunnelling works conducted right under the locations requiring 
intensive environmental measures, such as sake breweries and other food factories, wells 
used for agricultural, domestic water, and various measures including the use of stainless 
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segments and environment-friendly additives have been implemented; however, there is 
no tail grease product of environment-friendly type. 

(3) As the size of the cross-section and the distance of shield tunnelling increase, the 
increase in the amount of used tail grease may cause a concentration of environmental 
burden. 

(4) With the progress of shield tunnelling technology, construction works with low 
earth covering near residences or directly under rivers are increasing. Accord- 
ingly, eluting tail grease can affect neighboring residents and river ecosystems. 

Considering these matters, we thought that the development of an environmental-friendly 

tail grease is significantly important under the recent situation where a special emphasis is put 
on environmental measures. 


3 DEVELOPMENT POLICY 


The key to reducing environmental burden is securing biodegradability and low toxicity. 

Biodegradability means that a substance is finally broken down into carbon dioxides and 
water by the action of microorganisms. If biodegradability is high, the substance is easily 
decomposed under a natural environmental condition and environmental burden can be also 
reduced. Therefore, by replacing the conventional material without biodegradability with bio- 
degradable material, we aimed for the development of environmental-friendly tail grease that 
can reduce environmental burden. In Japan, an accreditation organization for products that 
contribute to the reduction of environmental burden namely “the Japan Environment Associ- 
ation Eco Mark office” accredits “the Eco Mark” which is the only domestic Type 
I environmental label in accordance with the ISO 14024. The development targets were set to 
acquire the Eco Mark certification and comply with the certification standards of achieving 
“60% or more biodegradation within 28 days” and “LLs5o value of 100mg/L or over for 96 
hours in a fish acute toxicity test”. As tail grease is an important material for safe shield tun- 
nelling, the basic performance equivalent to or better than that of conventional products was 
a prerequisite for the development. 


4 CHANGING TO A MATERIAL THAT REDUCES ENVIRONMENTAL BURDEN 


4.1 Formulation of SEALNOC BD 


As the main ingredients of tail grease are base oil, powder, and fiber, conventional products 
use hardly degradable materials such as mineral oil, talc, and polyester. For the SEALNOC 
BD, they have been changed to readily degradable materials such as polyol ester, cornstarch, 
and wood pulp (Table 1). 


Table 1. Formulation comparison of tail grease. 


Conventional 


product SEALNOC BD 


Material 


Base oil Mineral oil Polyol ester 
pòga Cornstarch 
owder A 
Calcium carbonate 


Polyester 
Wood pulp 
Other Polymer, etc. Polymer, etc. 
E] Hardly degradable material E degradable material 


Fiber Polyester 
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4.2 Observation of biodegradation progress 


To compare the biodegradation progress, a conventional product and the SEALNOC BD were 
left on the soil for 5 weeks and the progress was visually observed. There was no change for the 
conventional product, but the remaining amount of SEALNOC BD decreased over time (Table 2). 


Table 2. Observation of biodegradation progress. 


l rae id After 21 days | After 35 days 


pa 
& 
Q 
= 
c 
© 
> 
5 
f] 
(S) 


SEALNOC 


4.3 Ready biodegradability test and acute toxicity test 


In accordance with the OECD test guidelines, a ready biodegradability test (hereinafter called 
“biodegradability test) and a 96-hour acute toxicity test using Oryzias latipes (hereinafter 
called “fish toxicity test”) were performed by a third-party institution (Table 3). In the bio- 
degradability test, the biodegradability after 28 days of cultivation achieved as high as 98% 
on average, which satisfies the certification standards of environmental labels of other coun- 
tries (Table 4). In the fish toxicity test, no mortality of test organisms was observed during 
the 96-hour exposure test period, achieving the 96-hour LLs9 value (medial lethal loading 
rate) of 100mg/L or higher. The results from the third-party institution satisfied the certifica- 
tion standards (60% or more biodegradation within 28 days, the 96-hour LLs 9 (medial lethal 
loading rate) is 100mg/L or higher, and other standards) established by the Japan Environ- 
ment Association Eco Mark office, the product has acquired the first Eco Mark certification 
for tail grease in Japan (Figure 3). 


Table 3. Third-party test results. Table 4. Environmental label certification standards 
Eco Mark in other countries (biodegradability test). 
Test it Test result tification | Jud; t 
gini ENIES paca —_— | [Environmental Blue Angel | Euro flower | Eco Mark Teta 
I label (Germany) (EU) (Japan) 
Ready biodegradability test Certif 
(non-GLP test) 98% =60% Pass er tification e 
OECD-301F ” | standard | =70%,, | =60% | = 60%... | 98% 
f T T T 1 Certification standards +1:IS0 14593 (or 9434) +2: OECD-301F 
96-hour acute toxicity test Lle is 


using Oryzias latipes = a Pass 
OECD-203 >100mg/L | 2100mg/L 


Test institution: Chemicals Evaluation and Research Institute Japan 


5 BASIC PERFORMANCE 


5.1 Basic performance of the tail grease 


29 ce 


The basic performance required for a tail grease is “water tightness”, “pumpability” and “hard- 
ening retardation in contact with backfill grout”. 

The tail seal can ensure “water tightness” in a state where the tail grease is filled without gaps. 
Therefore, a tail grease requires “hardness” to avoid being washed away by external water pres- 
sure. On the other hand, a tail grease needs to maintain “pumpability” for continuous pumping 
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Eco Mark product certificate 


Figure 3. Eco Mark product certificate. 


from a backup car to the tail seal and this requires an appropriate “softness”. In particular, for 
a shield with a large cross-section, pumpability of approximately 100 m may be required. 

Backfill grout is injected immediately behind the tail seal. If the backfill grout flows in between 
the tail brushes and hardens, it causes a decline in water tightness due to loss of followability of 
tail brushes and easy cracking due to unsymmetric pressure on the segment. To prevent these 
problems, the tail grease could have “hardening retardation in contact with backfill grout”. 


33 cc 


To evaluate these basic performances of SEALNOC BD, a “cone penetration test”, “water 


pressure resistance test”, “pumpability test”, and “hardening retardation test” were performed 
respectively. 


5.2 Cone penetration test 


A cone penetration test (JIS K 2220 (JIS: Japanese Industrial Standards)), which is used to evalu- 
ate the hardness of grease, was performed by penetrating a specified conical needle in a container 
filled with grease to measure the penetration depth (Figure 4). Furthermore, a cone penetration 
test was performed after soaking the grease in water to identify the changes of physical property 
by water. The standard cone penetration values were set to 150 or more for the hardness that 
enables pumping and to 300 or less for the softness that can maintain water tightness. 

Table 5 shows the results of the cone penetration test. The cone penetration values of SEAL- 
NOC BD were within the standard values and similar to those of the conventional product. 


5.3 Water pressure resistance test 


In the water pressure resistance test, tail grease and water are placed in a pressure vessel with 
a mesh on the bottom, and pressure is applied from above to measure the amount of tail 
grease and water that flows out from the bottom, and to determine the water pressure resist- 
ance performance of the tail grease (Figure 5). 
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Table 5. Results of Cone penetration test. 
product BD vale 
trat 238 227 
300 


Conical Dropping and 
needle oe = 
` = oja 


Ev? 


Cone penetration 
after soaking 230 260 
in water 


Table 6 shows the results of the water pressure resistance test. The outflow of SEALNOC BD 
was reduced to about 30% of the conventional product, confirming its excellent water resistance. 


Figure 4. Cone penetration test. 


Table 6. Results of water pressure resistance test. 
B _rcssurcaton | Amount of the outflow (g) | 
Pressure oe i ;-| Amount of the outflow (g) 
vessel (LD pressurization Pressuri g 
@50mm + 
Water_ 


I 
Tail grease | 


zation | Conventional 
AED SEALNOC BD 
8.3 2.4 


í i 0.5 
Mesh “ae ~ ; 
—_ 1.0 10.9 2.9 
T utflown component | T T 
Measuring amount | (Tail grease and j 2.0 11.9 3.5 
water )| + 4 
of the outflow ater} 35 126 43 


Figure 5. Water pressure resistance test. 


5.4 Pumpability test 


In the pumpability test, the tail grease was pumped through a pump hose connected to a grease 
pump, and the discharge amount and the pressure on both ends of the hose were measured 
(Figure 6) to evaluate the pumpability. 

Figure 7 shows the pumpability test results. The pressure loss of SEALNOC BD was reduced 
by about 30% compared to conventional products, confirming its excellent pumping performance. 


06 
Pressure gauge | Pressure | Pressure gauge m + Conventional product 
(pressure(2)) | difference | (pressure(1)) £ 05 f @SEALNOC BD 
Pumping Grease È 04 
an 7 pump P as f 
c go. 
v 
——— 5 02 
a Reduced by 
Amount of Ba about 30% 
discharge a 
0 
Pressure loss = 0 05 i] 15 2 
(pressure(1) - pressure(2)) / hose length L {Amount of discharge (kg/min)) 
Figure 6. Pumpability test. Figure 7. Pumpability test results. 


5.5 Hardening retardation test 


In a test to evaluate the hardening retardation effect, a sample of backfill grout and tail grease 
mixed at a ratio of 1:1 (Photo 2) was prepared to measure the penetration at certain time inter- 
vals to identify the progress of hardening of the sample accompanied by the hardening of 
backfill grout. 
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Figure 8 shows the hardening retardation test results. As the penetration of the sample 
mixed with SEALNOC BD and backfill grout was over 150, that is, a standard penetration 
value enabling pumping even after 24 hours, a hardening retardation effect equivalent to or 
higher than that of the conventional product was confirmed. 


+ Conventional product 
a ® SEALNOC BD 
© 
S 
E 
Do 
a 
2 (Cone penetration 
& of 150 or more) 
= 
Ss 
a 
Oh 1h 24h 48h 168h 
(Immediately [Passed time) 


after kneading) 


Photo 2. Mixed sample. Figure 8. Hardening retardation test results. 


6 FIELD APPLICATION TEST 


After confirming the performance of SEALNOC BD by the laboratory tests, application tests were 
performed at the actual two shield tunnelling sites. With both sites under a groundwater pressure of 
0.1 MPa or more, measuring the leakage volume from the tail seal and the pressure of the pressure 
pump was conducted to confirm the water tightness and pumpability. Table 7 shows the test results. 
According to the leakage volume measurements, it was confirmed that the water tightness of SEAL- 
NOC BD was similar to or higher than that of the conventional product. With the pump pressure 
reduced by about 10 to 30% from the conventional product, the equivalent or higher pumpability 
was also confirmed. The field application tests also exhibit the superiority of SEALNOC BD. 


Table 7. On-site test results. 


| Shield tunneling site 1 | Stieid tunneling site 2 | 


Construction area Kinki area Kanto area 
Construction year 2018 2020 
TBM diameter $3.655m $3.330m 


Excavated target 
soil 


Diluvial sandy soil 
Diluvial clayey soil 


Diluvial sandy soil 
Diluvial clayey soil 


Groundwater 
pressure 


0.13MPa 


0.10MPa 


Water tightness 
(amount of leakage) 


Leakage equivalent 
to or less than the 


Leakage equivalent 
to or less than the 


conventional product | conventional product 


Pumpability 


Reduction by about 


| Reduction by about 
30% 


(pump pressure) 10% 


7 CONCLUSIONS 


An environment-friendly tail grease was developed which complies with the Eco Mark certifica- 
tion standards known as a rigorous environmental label in Japan, by adding “biodegradability 
and low toxicity” while maintaining the basic performance superior to the conventional product. 
Furthermore, the biodegradability of this developed product was sufficient to satisfy the certifica- 
tion standards for biodegradable grease in the environmental labels of other countries. Through 
the dissemination of this product that can promote the reduction of environmental burden on the 
surrounding environment such as soil and water contaminations, we would like to contribute to 
a countermeasure against environmental problems in water utilization, living environments, etc. 
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ABSTRACT: To estimate the ground settlement caused by TBM excavations for the Jakarta 
MRT Phase 2A, three sections of 2D-FE analyses were carried out. The estimated maximum 
ground settlements for the ground loss ratio of 1.0% are between 16.58 — 20.31 mm. The esti- 
mated settlements and maximum differential settlements of the nearby heritage buildings, 
located 5.8 — 8.6 m from the TBM alignment, are in the ranges of 9.23 — 12.15 mm and 1/ 
1197 — 1/835, respectively. The impacts to heritage buildings shall be reduced by carefully 
designing TBMs and controlling the TBM’s face and tail void pressures, e.g. by causing the 
ground loss ratio less than 1.0%. It can be concluded that the building settlements will be less 
than the allowable values when the ground loss ratio is not greater than 0.75%. 


1 INTRODUCTION 


The Jakarta MRT Phase 2A, section between Bundaran HI and Kota, comprises 7 under- 
ground stations and TBM tunnels with the total length of 5.8 km, have been under construc- 
tion since June 2020. To consider the effects of tunnel excavation in proximity to existing 
structures, three cases of finite element analyses were carried out for the sections at sta. 
17K650, 18K 130, and 19K100. The analyses were carried out in 2D based on a plane strain 
condition. All soil units are modelled as Mohr-Coulomb materials. The tunnel lining is mod- 
elled by elastic plate elements with consideration of the number of ring segment (Wood, 
1975). The contraction method (Vermeer and Brinkgreve, 1993) is used for determining 
ground movement owing to tunnel excavation. The construction sequence was considered by 
simulating the excavation of the east side tunnel before proceeding to the simulation of the 
west side tunnel excavation. 

After the analysis, assumptions and methodology are described in the following sections; 
the ground settlement in three analysis sections will be presented and discussed to serve as 
a baseline of prevention, mitigation, and compensation of damages that might be induced in 
nearby buildings. 
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2 ANALYSIS MODEL AND PARAMETERS 


2.1 Tunnel and segment parameters 


In this analysis, tunnel lining segments are modelled as linear elastic material. The parameters 
of tunnel and tunnel segments are shown in Table 1. With reference to Wood (1975), the 
effective moment of inertia (Tey) of the tunnel lining is determined by, 


2 3 
Tyg = (G) Tuts Tutt = bd- (1) 


where b and d are the unit width and thickness of lining and n is the number of segments in a ring. 


Table 1. Tunnel segment parameters. 


Parameter Value Remarks 

Concrete design strength, f., (MPa) 48 

Elastic modulus, £,, (GPa) 32 4, 700\/f (ACI-318) 
Poisson ratio, v 0.15 

Unit weight, ye, (kKN/m*) 24.5 

Tunnel outer diameter, OD, (m) 6.650 

Tunnel inner diameter, ID, (m) 6.060 

Area, A, (m? per m) 0.300 

Number of segment, n, (per ring) 5 Excluding a key segment 
Moment of inertia, Ie, (mî per m) 0.00144 Based on Eq. (1) 


The cover depth (C) which is measured from the ground surface to the crown of a tunnel, 
the center-to-center spacing between the East and the West side tunnels and the cover depth- 
to-diameter ratio (C/D ratio) of each analysis case are summarized in Table 2. 


Table 2. Tunnel parameters. 


West side tunnel East side tunnel 


Center-to-Center Tunnels 
Section Cover depth (m) C/D ratio Cover depth (m) C/D ratio spacing (m) arrangement 
17K650 10.940 1.645 10.940 1.645 14.898 Parallel 
18K130 11.290 1.698 14.270 2.146 14.100 (Transition) 
19K100 12.380 1.862 22.830 3.433 0.000 Stack 


2.2 Finite element analysis model and procedure 


The influence from tunnel excavations mostly occurs inside two inclined lines that extend 
from spring lines of a tunnel to the ground surface, at the angle of 45° + 6/2 with respect to 
the outward horizontal directions. In this analysis, a conservative setup was made by assuming 
o of zero for establishing the influence zone. Then, the left and right boundaries of the FEA 
mesh are assumed at 5D away from the influence zone, where D is the diameter of a tunnel. 
The bottom boundary is set at 1.5D from the invert of the tunnel. The outline for the FEA 
mesh is shown in Figure 1. 

For sections 18K 130 and 19K100, there is a canal on one side of the tunnels. The stress 
relief around the canal is simulated by assuming a rectangular void on the ground surface, as 
shown in Figure 1. To prevent numerical failures around the perimeter of the canal, it was 
assumed that the canal is lined with beam elements representing a 0.5m-thick concrete slab. 

The excavation of tunnels was simulated by the contraction method (Vermeer and Brink- 
greve, 1993). This method involves two calculation sub-steps. The first calculation sub-step 
starts by activating the tunnel lining and deactivating the soil cluster within the tunnel periph- 
ery. The tunnel lining is allowed to move upward because of the removal of the excavated 
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soils. In the second calculation sub-step, the tunnel lining is allowed to contract until the con- 
traction ratio is equal to the target volume loss ratio in undrained condition (see Figure 2. 
Steps in the contraction method. 


"o = 


Figure 1. Dimension setup for a finite element analysis. 


Tunnel lining 


a) Activation of lining and deactivation of soils b) Contraction process 
Figure 2. Steps in the contraction method. 


The volume loss for closed face tunneling using EPB is often as low as 0.5% (Mair, 1996; 
Fargnoli et al. 2013). The volume loss of tunnels in clay with cover-to-depth ratio between 0.4 
and 2.0 is mostly less than 1.0% (Vu et al., 2016, see Figure 3). Based on these literatures, the 
volume loss of 1.0% is assumed in this analysis. 


Madrid Metro Extension 
Heathrow Express Trail Tunnel 


lower boundary for D=10m 
boundary for D=8m 


total volume loss (%) 


Figure 3. Volume loss of shallow tunneling in clays. 
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The construction sequence was simulated in FEA by dividing the analyses into three stages. 


1. Initial stress generation 


The initial stress was generated by gravity loading procedure (Plaxis bv, 2019) which is pre- 
ferred when dealing with non-horizontal surfaces. Based on this procedure, the ratio of 
horizontal effective stress over vertical effective stress, Ko, is controlled by the Poisson 
ratio and shear strength parameters. The generated initial stresses are in equilibrium and 
conform to the material failure condition. 


2. The simulation of the East side tunnel excavation by the contraction method 
3. The simulation of the West side tunnel excavation by the contraction method 


2.3 Geotechnical parameters 


In this analysis, the ground materials are simulated by Mohr-Coulomb model. The ground 
parameters and geological strata at each location are estimated from soil boring report in the 
nearby area. The elastic modulus of soils for tunnel lining analysis is assumed to be propor- 
tional to the undrained modulus for clays and proportional to the SPT-N value of sands 
based on literatures and previous projects (Duncan & Buchignani, 1976, Shibuya & Kawagu- 
chi, 2007, Teparaksa, 2005) as shown in Table 3. The geotechnical parameters for each ana- 
lysis section are shown in Table 4 to Table 6. 


Table 3. Deformation parameters of ground. 


Soil type Su (kPa) E, (kPa) FE’ (kPa) v’ 

Very soft clay < 12.5 250S, Ew1.2 0.3 

Soft clay 12.5- 25 250S, E,/1.2 0.3 

Medium stiff clay 25- 50 350S, E,/1.2 0.3 

Stiff clay 50 — 100 400S, E,/1.2 0.3 

Sand - - 2000 N 0.3 

Notes: S, = Undrained shear strength; N = SPT-N value (Blows/30 cm) 

E, = Undrained modulus; E’ = Drained modulus; v’ = Drained Poisson ratio 
Table 4. Geotechnical parameters of section 17K650. 
Ground level = +3.85 m Water level = +1.66 m 
Depth (m) Soil type SPT-N value Unit weight (kN/m*) Su(kPa) 9’ (°) E (kPa) v 
0.0-5.0 Dense Sand 15 18.0 - 34.4 30,000 0.30 
5.0-9.5 Very Soft Clay 3 15.3 9.5 0.0 1,979 0.30 
9.5-15.5 Stiff Clay 14 17.3 63.0 0.0 21,000 0.30 
15.5-22.0 Very Dense Sand 34 18.5 - 39.8 68,000 0.30 
22.0-50.0 Stiff Clay 17 ITJ. 72.3 0.0 24,100 0.30 
Table 5. Geotechnical parameters of section 18K 130. 
Ground level = +3.67 m Water level = +1.17 m 
Depth (m) Soil type SPT-N value Unit weight (kN/m*) Su(kPa) 9’ (°) E (kPa) v 
0.0-13.0 Soft Clay 4 17.3 17.3 0.0 3,604 0.30 
13.0-18.5 Stiff Clay 16 17.8 72.0 0.0 24,000 0.30 
18.5-23.5 Very Dense Sand 36 18.5 0.0 40.2 72,000 0.30 
23.5-40.0 Stiff Clay 18 17.8 81.0 0.0 27,000 0.30 
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Table 6. Geotechnical parameters of section 19K 100. 


Ground level = +2.89 m Water level = -0.49 m 


Depth (m) Soil type 


SPT-N value Unit weight (kN/m?) Su (kPa) g C) E (kPa) v 


0.0-8.0 
8.0-14.0 
14.0-23.0 
23.0-30.5 
30.5-42.0 


Soft Clay 3 
Stiff Clay 15 
Very Dense Sand 44 
Stiff Clay 21 


Very Dense Sand 50 


3 ANALYSIS RESULTS 


16.8 
17.8 
19.0 
16.7 
20.0 


3.1 Ground settlement after tunnel excavation 


13.5 0.0 2,813 
67.5 0.0 22,500 

0.0 42.1 88,000 
94.5 0.0 31,500 
0.0 43.3 100,000 


0.30 
0.30 
0.30 
0.30 
0.30 


The analysis models and ground surface settlement profiles after the excavation of both tun- 
nels are shown in Figure 4 to Figure 6. 


(a) Analysis model 


(b) Ground surface settlement after the excavation of both tunnels 


Figure 4. Analysis model and ground settlement at section 17K650. 


(a) Analysis model 


Figure 5. Analysis model and ground settlement at section 18K 130. 


SARE ARA TR AOIN A A 


(a) Analysis model 


(b) Ground surface settlement after the excavation of both tunnels 


Figure 6. Analysis model and ground settlement at section 19K 100. 
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3.2 Effects from tunnel excavations to nearby structures 


The ground surface settlement profiles under the nearby heritage buildings are shown in 
Figure 7 to Figure 9. 


Pentima valve = 1 


Total displacements a, (scaled up 400 tines) | 


Martens value «9.01215 m 


Figure 7. Ground surface settlement profile under a building at section 17K 650. 


Total displacements u, (scaig up 400 thames) ] 
Maximum vahe = 1:408°20°> m 


Figure 8. Ground surface settlement profile under a building at section 18K 130. 


Total divplacersents u, (scaled up 400 themes) 
Madmen valor = “2.058910? m 


Miniman vakse = -0.01131 m 


Figure 9. Ground surface settlement profile under a building at section 19K100. 
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4 SUMMARY OF ANALYSIS RESULTS 


The maximum settlements that occurred after the excavation of tunnels are summarized in 
Table 7. The settlement under the building’s corners, maximum differential settlement and the 


tilting of buildings due to tunnel excavation are summarized in Table 8. 


Table 7. Summary of maximum settlements after tunnel excavation. 


Section GL (m) East RL (m) West RL (m) Sv(east) (Mm) Syctotat (MM) 
17K 650 +3.40 -12.95 -12.95 -13.98 -18.86 
18K 130 +3.84 -12.86 -15.84 -11.47 -20.31 
19K100 +3.07 -14.72 -25.17 -7.95 -16.58 
GL = Ground surface elevation; RL = Rail elevation; East, West = East and West side tunnels 
Õveas) = Maximum ground surface settlement after the excavation of the East side tunnel 
Svctotal) = Maximum ground surface settlement after the excavation of both tunnels 
Table 8. Summary of induced settlement under existing buildings. 
a) After the excavation of the East side tunnel 

Near corner Far corner 
Section Distance (m) ô, (mm) Distance (m) 5, (mm) Tilt (m/m) Omax (m/m) 
17K 650 5.764 -0.61 28.064 -0.46 1/1533 1/1155 
18K130 8.600 -1.09 49.450 -0.57 1/7766 1/6792 
19K100 8.231 -6.68 39.431 -0.78 1/5285 1/3212 
b) After the excavation of both tunnels. 

Near corner Far corner 
Section Distance (m) dy (mm) Distance (m) dy (mm) Tilt (m/m) Omax (m/m) 
17K650 5.764 -12.15" 28.064 -1.12 1/2020 1/921" 
18K 130 8.600 -9.23 49.450 -1.63 1/5373 1/835" 
19K 100 8.231 -11.51" 39.431 -2.06 1/3301 1/1197 


Distance = Distance from the center line of the West side tunnel 

5, = Ground surface settlement 

Tilt = (Settlement at the near corner — Settlement at the far corner)/(building’s width) 
Omax= Maximum differential settlement under the buildings 

* = Larger than 10 mm (the allowable value for important structure) 

** = Larger than 1/1000 (the allowable value for important structure) 


5 PARAMETRIC STUDY ON VOLUME LOSS RATIO 


Based on Table 8 and the outline design specifications of the project, the estimated ground 
settlements are only slightly larger than the allowable values. However, this ground movement 
based on the green-field condition will be modified by the stiffness of the building and its 
foundation even for historic and fragile buildings with age over 250 years (Mair, 1998). The 
actual settlement profile will be wider than the predicted green-field profile, resulting in lower 


deflection ratios and distortions shown in Table 8. 


The impact to important structures can be minimized by carefully designing TBMs and con- 
trolling the TBM’s excavation so that the ground loss ratio is less than 1%. Under 
a controlled face and tail grouting pressures, the ground loss ratio can be reduced to zero for 
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a tunnel with C/D larger than 1.4 (see Figure 3). For the sake of countermeasures, 
a parametric study on the ground loss ratio of 0.50, 0.75 and 1.0% was carried out and pro- 
vided in Table 9. It can be seen that the induced ground movement will conform to the allow- 
able values when the ground loss ratio is not greater than 0.75%. 


Table 9. Induced settlement under existing buildings for the ground loss ratio of 0.50, 0.75 and 1.00%. 


Near corner Far corner 


Section VL(%) Distance(m) & (mm) Distance(m) ô (mm) Tilt (m/m) Omax (m/m) 


17K650 1.00 5.764 -12.15 28.064 -1.12 1/2020 1/921 
0.75 -8.60 -1.03 1/2947 1/1330 
0.50 -5.17 -0.88 1/5198 1/2182 

18K130 1.00 8.600 -9.23 57.500 -1.63 1/5373 1/835 
0.75 -6.40 -1.46 1/8277 1/1189 
0.50 -3.71 -1.17 1/1611 1/1905 

19K100 1.00 8.231 -11.51 39.431 -2.06 1/3301 1/1197 
0.75 -7.86 -1.68 1/5050 1/1770 
0.50 -4.46 -1.22 1/9641 1/3121 


VL = Ground loss ratio 

Distance = Distance from the center line of the West side tunnel 

ô, = Ground surface settlement 

Tilt = (Settlement at the near corner — Settlement at the far corner)/(building’s width) 
Omax = Maximum differential settlement under the buildings 


6 CONCLUSIONS 


The ground and building settlements caused by TBM excavation for Jakarta MRT Phase 2A 
project could be estimated by 2D FE analysis proposed in this paper. The volume loss of 1.0% 
is assumed in this analysis, and should be compared with monitoring results at the construc- 
tion stage for verifying its validity. 

Since the estimated building settlement and maximum differential settlement are larger than 
the allowable values, the effects to heritage buildings shall be reduced by causing the ground 
loss ratio less than 1.0%. The impacts to heritage buildings under the ground loss ratio of 
0.50, 0.75 and 1.0% are also estimated. 

It can be concluded that the settlements of the heritage buildings will be less than the allow- 
able values when the ground loss ratio is not greater than 0.75%. Therefore, countermeasures 
during TBM excavation, such as effective controlling of face pressure, tail grouting pressures 
and reducing the time between face excavation and tail grouting are being implemented to 
minimize the ground loss ratio and ground settlement. 

These estimated ground settlements are being used as a baseline of prevention, mitigation, 
and compensation of damages that might be induced in nearby buildings. 
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ABSTRACT: This paper reviews the background of the invention of the triple-mode shield 
machine/TBM, defines and classifies the triple-mode shield machine/TBM, explains the working 
principle of the triple-mode shield machine/TBM, and clarified the applicable geology formation 
and environment of the triple-mode shield machine/TBM. The application achievement of the 
triple-mode shield machine/TBM is summarized, and the improvement measures are proposed. 
It has an important reference for the construction of tunnel boring machine under similar strata 
and environmental conditions. 


1 INTRODUCTION 


Multi-mode shield machine is a comprehensive product of problem-oriented and the inte- 
gration of manufacturing together with construction technology, which achieves the system- 
atized design of different tunneling modes and muck discharge modes on the same shield 
machine (Zhong et al., 2022). When the shield machine passes through the mixed face 
ground and the complicate surrounding environment, it can allow a specific mode according 
to the tunnel construction actual needs, and can be quickly enabled in the tunnel. Among 
them, a shield machine combined with three tunneling modes is called trinity mode shield 
machine. 

The trinity mode shield machine technology was conceived in the mixed face ground with 
granite-based (Zhu et al., 2006), encountered during the construction of Guangzhou Metro. 
Since the single-mode shield machine is difficult to adapt the complex and changeable geo- 
logical conditions in the granite distribution area, this paper puts forward a shield machine 
with EPB, slurry and open-face, which breaks the limitation of the single-mode tunneling 
machine in order to improve its adaptability to changeable geological conditions and com- 
plex surrounding environment. 


2 DEFINITION AND CLASSIFICATION OF MULTI-MODE SHIELD MACHINE 


At present, there are three tunneling modes of shield machine: EPB, slurry and open-face. 
Multi-mode shield machine refers to the shield machine which has two or more tunneling 
modes and can switch the balance mode during tunneling. 

If the multi-mode shield machine is configured on the same machine with two modes at the 
same time, it is called dual-mode shield machine; if the three modes coexist, that is, EPB, 
slurry and open-face mode coexist, it is called trinity mode shield machine. 
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3 WORKING PRINCIPLE OF TRINITY MODE SHIELD MACHINE 


Compared with the conventional single-mode shield machine, the trinity mode shield machine 
is equipped with EPB mode muck discharge equipment (screw conveyor and belt conveyor), 
slurry circulation system of slurry mode, cutterhead and main drive system for hard rock tun- 
neling. Its working principle is as follows. 

(1) EPB mode: when the geology of the excavation face is clay soil layer or upper soil and 
lower rock, and the surface environment is relatively simple, the EPB mode can be used for exca- 
vation. The earth pressure in the excavation chamber is used to balance the soil and water pres- 
sure on the excavation face, and the muck is discharged through the screw conveyor + belt 
conveyor. At this time, the slurry circulation system is not involved into tunneling. Cutting tools 
can be equipped with suitable scraper and disc cutter according to the formation conditions, and 
cutterhead adopts low speed. 

(2) Slurry mode: when the geology of the excavation surface is sandy strata, rich ground- 
water or mixed ground with upper sand and lower rock, when the areas with highly sensitive 
subsidence control requirements, such as underpass high-speed railway lines, operating subway 
lines and shallow foundation structures, slurry mode can be applied for excavation. The slurry 
pipe is used to input slurry into the excavtion chamber to balance the water and soil pressure. 
After the pressure is balanced, slurry circulation is used to transport the muck. At this time, 
screw conveyor + belt conveyor stops working and the discharge gate of the screw conveyor 
closes. Similarly, the cutting tools can be equipped with suitable scraper and disc cutter accord- 
ing to the formation conditions, and the cutter head turns with low speed. 

(3) single shield mode: when the stratum is full-section hard rock, the single shield mode is 
applied. In the case of full-section hard rock, the excavation face is stable, there is no need to 
establish pressure in the excavation chamber to balance the face, the cutters are all replaced 
by disc cutter, and the cutter head turns with high speed. 


4 APPLICATION OF TRINITY-MODE SHIELD MACHINE 


At present, CREC820, the world’s first three-mode shield machine, has completed tunnels 
with a total length of 2100m. The application of CREC820 trinity mode shield machine is 
introduced below. 


4.1 Brief of project 


The tunnel from Luogang Station to Shuixi Station in the second phase of Guangzhou Metro 
Line 7 mainly passes through sandy clay, fully weathered granite, strongly weathered granite, 
moderately weathered granite and slightly weathered granite. Among them, there are not only 
soft soil layer, upper soft and lower hard strata, but also full-section hard rock strata. The 
average rock UCS is 90MPa, the solitary stone in the fully weathered rock stratum is well 
developed, and the exposure rate of solitary stone is 66.7%. In the process of tunneling, the 
shield machine needs to underpass the streetcar line 1, the district government office hall, the 
district government Kaiyue building and the academician building and so on. The geological 
profile of the tunnel is shown in Figure 1. 


4.2 Design of shield tunneling mode 


This project is constructed by EPB/slurry/single shield trinity mode shield machine. The 
shield machine integrates the design concepts and functions of EPB, slurry and single shield 
TBM. The trinity modes adopt the same cutter head and have two muck discharge modes: 
screw conveyor and slurry circulation. The machine is also equipped with air cushion, which 
can effectively reduce the fluctuation of slurry pressure in slurry mode. The structure of the 
shield machine is shown in Figure 2. 
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Figure 1. Geological profile map between Luogang station and Shuixi station. 


Cutter head Front shield Middle shield Tail skin 
6280 16250 6240 6250 
J fi j ) > Slury inlet 


eré  DN250 620 mh 


Screw conveyor 
D800 


Slurry outlet 
DN250 700 mèh 


Active articulation 


Figure 2. Structure of three-mode shield machine. 


4.2.1 EPB mode 

Under the EPB mode, the soil and water pressure on the face is balanced by earth pressure, 
and the muck is transported by screw conveyor, belt conveyor and muck car. The EPB mode 
is suitable for mixed face ground dominated by clayey soil stratum. The working principle is 
shown in Figure 3. 


Cutter | Excavati 
head | chamber 
F ra 7 F F 7i 


Figure 3. Working principle of EPB mode. 
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4.2.2 Slurry mode 

In the slurry mode, the shield machine adopts the double chambers with indirect control 
slurry circulation mode. The slurry mode is applicable to the sand layer, upper soft and lower 
hard strata, and strata with highly sensitive subsidence control requirements. The working 
principle is shown in Figure 4. 


| Air 
chusion 


Slurry 
chamber 


Cutter 
head 


Figure 4. Working principle of slurry mode. 


4.2.3 Single shield mode 

In the single shield mode, the excavated chamber can be set under atmospheric or with pres- 
sure, and the muck is transported through the slurry circuit. The hard rock single shield model 
is suitable for full-section hard rock strata, and the working principle is shown in Figure 5. 


Cutter | Slurry Air 
head | chamber — chusion 


Figure 5. Working principle of single shield mode. 
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4.3 Design of slurry circulation mode 


4.3.1 Slurry mode tunneling 

While under slurry mode, slurry is fed from the upper part of bulkwall, muck is discharged from 
lower part, and air cushion are set up to ensure accurate pressure control, which can better control 
settlement. According to the slurry level in air bubble chamber and the requirement of muck dis- 
charge volume, the rotational speed of the P1.1 and P2.1 pumps are adjusted respectively. Rota- 
tional speed of P1.1 pump is adjusted to correct the slurry level reaching the required value. Adjust 
the speed of the P2.2 pump to match the required muck discharge mode, as shown in Figure 6. 


Cuner | Slurry Air 
head | chamber | chusion 


+ | + 


Figure 6. Schematic diagram of slurry mode tunneling. 


4.3.2 Open-face mode 

In the open-face mode, the slurry is fed from the lower part and the muck is discharged from the 
lower part, and slurry level is maintained at about 1/3 of excavation chamber to ensure that the 
slurry covers discharge gate. The slurry enters excavation chamber from bottom, mixes and dis- 
charges soil at the bottom of chamber, improve the muck-carrying efficiency, as shown in Figure 7. 


Cutter 
head 


Slurry Air 
chamber chusion 


Figure 7. Schematic diagram of hard rock single shield tunneling mode. 
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4.3.3 Bypass mode 

This mode is a standby mode, which is applied at non-tunneling scenario by performing other 
procedure, such as segment installation. In the bypass mode, every slurry pump keeps rotating 
according to overload of pump height and muck discharge minimum flow. There is no slurry 
supply in the slurry chamber, so it is not necessary to control air bubble chamber and excanvation 
chamber level theoretically. However, the level of excavation chamber and air cushion may 
change due to the loss or entry of water from the excavation surface. In these cases, the liquid 
level can be adjusted by adding slurry or discharging through slurry cuicuit, as shown in Figure 8. 


Cutter | Slurry Air 
head | chamber chusion 
ped + 


Figure 8. Schematic diagram of bypass mode. 


4.3.4 Reverse circulation mode 

This mode allows slurry in the excavation chamber to flow a reverse direction, which is only used 
in some special cases, such as “clogging” in excavation chamber, or cleaning the discharge line in 
the shield. To prevent excavation chamber filling completely with slurry, control of air cushion 
pressure and slurry/air interface liquid level should be maintained, as shown in Figure 9. 


Cutter | Slurry Air 
head | chamber chusion 


$ Je - $ + + | 


Figure 9. Schematic diagram of reverse cycle model. 
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4.3.5 Small circulation mode in shield machine 

For the small circulation design in the shield machine, slurry is drawn from discharge line and 
returned to excavation chamber or air cushion through P0.2 pump. This design can increase 
300m3/h slurry volume at inlet discharge flow, strengthen slurry circulation in the chamber, 
reduce probability of clogging, mud cake formation in the excavation chamber, as shown in 
Figure 10. 


Cutter | Sturry Air 
head | chamber chusion 


F - + 4 


Pil 
= 


6mh 


700 wih 


7004+300 mh 


Figure 10. Schematic diagram of small circulation mode in shield machine. 


4.4 Application effect 


From Luogang Station to Shuixi Station of second phase of Guangzhou Metro Line 7, the 
CREC820 trinity mode shield machine launched from Luogang Station on May 18, 2021. 
After 235 days, it safely and smoothly passed through soft soil layer, upper soft and lower 
hard stratum, full-section hard rock stratum, streetcar line 1, district government office hall, 
academician building and other sensitive buildings (structures). It was successfully received at 
Shuixi Station on January 8, 2022, and the segment was installed in good quality without 
safety and quality accidents. 

According to statistics, the average progress in the soft soil section is 4.2 rings per day, the aver- 
age daily rate in hard rock section is 6.2 rings, and the highest tunneling progress is 11 rings/day. 

Under summarizing the tunneling construction of trinity mode shield machine, the next step 
can be improved from the following aspects. 

(1) There are many pipelines and equipment on the shield machine, resulting in limited 
operating space, and it is not convenient for daily maintenance and repair. 

(2) There is no stroke reading at front shield stabilizers and middle shield grippers, so that 
was higher technical requirements on the driver during actual operation. The stabilizer and 
gripper are extended for a long time, which may lead to the risk that the cylinder deformation 
and cannot be retracted. 

(3) The thrust cylinder is designed with a single shoe, which is easy to rotate in the process of 
segment erection and machine tunneling, resulting in damage to the edges of segment seams. 


5 CONCLUSION AND PROSPECT 


5.1 Conclusion 


(1) Multi-mode shield machine is a comprehensive product by problem-oriented thought and 
integration with shield machine manufacturing technology and construction technology, which 
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achieves the integration of different tunneling modes and muck discharge methods on one ma- 
chine. When the machine passes through typical mixed face ground and complex surrounding 
environments, it can provide a specific tunneling function according to the actual needs, and can 
quickly switch into different mode in the tunnel. 

(2) If the multi-mode shield machine is designed and configured two modes on one machine 
at the same time, it is called dual-mode shield machine. 

(3) If the multi-mode shield machine is the coexistence of three modes, that is EPB-slurry- 
open face mode, it is called triple-mode shield machine. 

(4) The triple-mode shield machine technology is conceived in the granite-based composite 
strata encountered in the construction of Guangzhou Metro. In view of the fact that the single- 
mode shield machine is difficult to adapt to the complex geological conditions and complex 
surrounding environment in the granite distribution area, a tunneling machine with EPB-slurry 
-open-face mode is proposed. 


5.2 Prospect 


At present, the applicatoin of dual-mode shield machine is good and widely praised, so more and 
more projects are going to use dual-mode machines. In view of the special stratum of Guangzhou 
Metro Line 7 Phase II, the worldwide first trinity mode shield machine has successfully com- 
pleted the construction section between Luogang Station and Shuixi Station, achieved expected 
desired results. 

It can be predicted that our country will carry out tunnel construction under the conditions 
of typical mixed face ground and complex surrounding environment in the near future. Multi- 
mode shield machine will be the mainstream selection of shield construction method, and trin- 
ity-mode shield machine will also have a great opportunity to display its ability. 
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ABSTRACT: Monastiraki Station is a complex Athens Metro Station, at the historical centre 
of Athens, near the Acropolis ancient monument. At this point there is a cross section of two 
different metro lines, the oldest one line 1 that exists since 1895 and the new line 3. The new 
tunnel line 3 passes below the oldest one and there is no connection between two tunnel lines. 
The connection between two lines is implemented trough an intermediate building that lies near 
the main station structure. The station includes a main tunnel wherethe temporary structure 
was constructed under an umbrella of microtunnels because of difficult construction conditions 
and weak soil. The need to use microtunnels came from the very soft surrounding rockmass 
causing large surface settlements, about 90mm, during the excavation of the cross- over access 
tunnel of the station. Purpose of the design was the surface settlements reduction and the safety 
of temporary supporting lining, in the Main Tunnel underground excavation construction 
stages. The most important scope of the design, was to restrict surface settlements, at the very 
densely populated area of Monastiraki. For the design of the tunnel temporary lining with 
microtunnels, a 2-D finite element model is used, containing the cross section of the temporary 
lining and the surrounding soil up to the ground surface. A non-linear elastoplastic analysis is 
applied by the introduction of a Mohr — Coulomb failure criterion for the soil plane Finite elem- 
ents. The whole application was successful and the limiting of settlements, under serviceability 
conditions, was achieved. During the construction, the provisions of the study were verified to 
a very large extent, with a deviation that does not exceed 5%. 


1 INTRODUCTION 


The scope of the design was the Main Station Tunnel, part of Monastiraki Station, Attiko Metro. 
Serious problem of the design and construction was to restrict surface settlements at the surround- 
ing surface area at the historical centre of Athens. Station is very closely to archeological area 
with many antiquities as Iridanos River brick tunnel (at a distance of about 30 m) and Early 
Christian Buildings as Church of the Panagia Pantanassa (at a distance of about 12 m). 

The need to use microtunnels came from the very soft surrounding rockmass causing large 
surface settlements, about 90mm, during the excavation of the cross- over access tunnel at the 
center of the station. Purpose of the design was the surface settlements reduction at the Mon- 
astiraki square area during the tunnel excavation and the safety of temporary supporting 
lining, in the Main Tunnel underground excavation construction stages. 

For the design of the tunnel temporary lining with microtunnels, a 2-D finite element model 
is used, containing the cross section of the temporary lining and the surrounding soil up to the 
ground surface. The contribution of the microtunnels acting as elastically supported beams in 
the longitudinal direction for each excavation step, to the 2-D model of the tunnel cross sec- 
tion. A non-linear elastoplastic analysis is applied by the introduction of a Mohr — Coulomb 
failure criterion for the soil plane Finite elements. 
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Figure 1. Monastiraki Station general layout. 


Figures 2,3. Monastiraki Station — Monastiraki area. 


2 DESCRIPTION OF THE PROJECT 


The geometrical data of the project are: Tunnel length 180m, tunnel diameter 16.20m, depth 
from the ground surface to the tunnel top 18m. The microtunnelling umbrella contains 22 
horizontal longitudinal steel pipes, of 1.22m diameter, pipe thickness 12.5mm, along the upper 
outer tunnel periphery, with strong transversal connections between steel tubes. Steel pipes 
were filled back with concrete in order to form an arch stiffness structure. 

At the crown of the tunnel a horizontal drift was driven along the axis of the cavern, as 
pilot tunnel for stair gallery cross section. Then a number of circular micro -tunnels made out 
of steel pipes filled back with concrete were driven to form an arch like structure. By this pro- 
cess the entire top was covered from one spring level to another. The idea was that this arch 
like structure would take the vertical load and when the excavation is carried out in the 
middle of the cavern, the vertical deformations would minimize. 

According to the results of the boreholes the rockmass environment consists of: “black 
Athenian schist” - highly weathered graphitic alternating with meta-sedimentary shales, dom- 
inated dark-grey to green-grey colour, with very low shear strength and deformability 
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parameters. These Soil data were verified to a large extent during the tunnel excavation. 
A serious problem for the tunnel construction was also the underground water it was up to 
tunnel crown, caused mostly in Iridanos River water. 


Figures 4,5. Monastiraki Station general layout — main station cross section. 


Table 1. Geotechnical parameters. 
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REMARCS : 
1, For short term loading with limited dramage : E'= El 
2. For deloading and reloading : E’ = 3E 
3. v=035 ko=v/l-v = 0.55 


Figure 6. Monastiraki Station, plan view — longitudinal section 
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Soil was taken as elastoplastic material, according to Mohr-Coulomb criterion. 

The associated settlements have been carefully investigated using the method of finite elem- 
ents and soil parameters resulting from the relevant soil borings and the previously executed 
excavations at the area of the Station. 

From the above analysis it is concluded that the anticipated settlements due to excavation 
are of the order of 20 mm. 

An extended monitoring network follow up closely the magnitude of the settlements during 
the construction period. In case the settlements foreseen was exceeded, additional measures 
were proposed to take in to account (anchors, tubes — a — manchetes, etc.) 


Figures 7,8. Monastiraki Station, Cross Sections. 


Figures 9,10. Construction stages microtunnels with stair gallery pilot tunnel, at the top. 
3 ANALYSIS 


The design of the tunnel consists in determining the settlements during the Main Station exca- 
vation and the temporary lining shotcrete thickness with reinforcement, according to tunnel 
excavation steps. 

For the design of the tunnel temporary lining with microtunnels, a 2-D finite element model 
is used, containing the tunnel cross section of the temporary lining including the microtunnel 
elements and the surrounding soil up to the ground surface. 

The soil are represented by plane strain finite elements, while the shotcrete lining, the temporary 
inverts, and the anchors are represented by linear beam finite elements. Microtunnels are represent- 
ing with detailed steel finite elements as also the transversal connections between microtunnel tubes. 

A non-linear elastoplastic analysis is applied by the introduction of a Mohr — Coulomb fail- 
ure criterion, for the soil plane Finite elements, containing analytical construction phases and 
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Figures 13,14,15. Analysis results: Soil deformation — construction states, soil stresses, soil plastic area. 
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the complete sequence of the steps of excavation and lining construction, insuring 
a satisfactory approximation to the actual performance of the structure. 

The non-linear analysis is performed for the load cases (L.C. 2 ~ L.C. 8) corresponding 
phases to the sequence of the construction phases and excavation steps. 

The computation is carried out by means of the “SOFISTIK” program. 

Soil deformation from the calculations concerns max total vertical displacement at the sur- 
face area is 19 mm, including total tunnel excavation. 

Longitudinal behavior soil spring elements are used with constant K = 74200 kN/m?. From 
this evaluation the microtunnel spring value that used at the main tunnel analysis, is Km = 
55000 kN/m per microtunnel. 


4 CONSTRUCTION PROVISIONS 


After the complexion of the part of the permanent structure of the Cross Over at the center 
area of the Station, the work proceeded with the excavation of the Main Station for its parts 
under microtunnels. 

The excavation performed in three phases across the total height of the cross section. Each 
phase started from the Cross Over at both directions, using temporary platforms at the proper 
height to accommodate the excavating equipment. 

Since the control of the settlements — which will unavoidably follow the cavern excavation — 
is of utmost importance, the excavation of each phase carried out in steps. 

As it is shown in the proposed excavation steps, the first step, have a length of 1.25 m while 
all the others a length of 2.50 m. Taking into account that the microtunnels consist of steel 
pipes of ® 1200 of 5 m length, connected by a bell and spigot connection (transferring only 
shear force) and filled with concrete, either a cantilever of 1.25 m or an elastically fixed at 
both ends girder of 2.50 m, will occur for the microtunnels during the excavation. 

In order to reduce the settlements due to loss of soil material around the microtunnels, the 
space between the steel pipes towards the inside of the Station, was cleaned and filled in with 
shotcrete of 5 cm thickness minimum. 

The temporary lining shotcrete was reinforced with wiremesh welded on the steel pipes, and 
anchored on the transversally connecting steel pipes. Moreover, cement grouting injected 
behind the shotcrete mantle in order to strengthen the softened soil material around the pipes 
of the microtunneling. 

From the description of the construction the following basic principles concerning the exca- 
vation of the Main Station are used: 

The excavation of the Station was carried out vertically in 3 phases and was forwarded in 
steps of 1.25 at the beginning and 2.50 m for the remaining length. 

Each of the 3 excavation phases was completed up to the end of the Station, provided that 
the shotcrete is placed all around the excavated area, i.e. on the arch and the bottom. Espe- 
cially for the lowest 3"? phase of the excavation instead of the temporary bottom slab, the 
bottom slab of the permanent structure was constructed. This is considered as necessary for 
the safe foundation of the lower microtunnels and the reduction of the settlements. 

After the excavation of a phase has advanced, the excavation of the lower phase may start - 
using steps, after breaking the temporary bottom slab of the previous phase, constructing 
a new one at the proper elevation and connecting it with the shorcrete of the previous phase, 
thus forming a closed link section. 

The tunnel excavation procedure of each step includes the installation of longitudinal fiber- 
glass anchors, insuring the stability of the face. 

After the completion of the excavation, the bottom slab of the permanent structure had been 
completed and the construction of the remaining lining using conventional metal formwork started. 

To control the associated settlements during the tunnel excavation an extended monitoring 
network follow up closely the magnitude of the settlements during the all construction period. 
In case the settlements foreseen will be exceeded, additional measures were proposed to take 
in to account (anchors, tubes — a — manchetes, etc.) 
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Figure 16. Construction stages. 
5 CONCLUSIONS 


The need to use microtunnels came from the very soft surrounding rockmass causing large 
surface settlements, about 90mm, during the excavation of the cross- over access tunnel of the 
station. Purpose of the design was the surface settlements reduction and the safety of tempor- 
ary supporting lining, in the Main Tunnel underground excavation construction stages. 

The behaviour of microtunnel was able to receive the total soil pressure with high degree of 
safety in soil with low characteristic constants. Restricted tunnels temporary lining deform- 
ation ensure the permanent structure required thickness. 

The whole application was successful and the limiting of settlements, under serviceability 
conditions, was achieved. During the construction, the provisions of the study were verified to 
a very large extent, with a deviation that does not exceed 5%, as the max surface vertical dis- 
placement that measured during the tunnel excavation is about 20 mm. 
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ABSTRACT: Permeation grouting, i.e. injections at low pressure, of microfine cements is fre- 
quently adopted in tunnelling and underground structures to either increase the mechanical 
properties or reduce the hydraulic conductivity of soils. From an applicative point of view, the 
time dependent permeation process, crucial to assess the spatial contour of the final content of 
the injected microfine cement, is highly affected not only by operational parameters, geometry 
of injection sources and particulate phase nature of the grout under exam, but also by its time- 
dependent rheological properties. This latter aspect is not deeply investigated in literature, espe- 
cially in the ranges of shear rates, times and water-cement ratios commonly adopted during per- 
meation grouting treatments. To this aim, in this paper, a comprehensive investigation has been 
performed, combining laboratory experiments with theoretical approaches. The time-dependent 
rheological properties of microfine cements characterized by different water-cement ratios have 
been first quantified by means of rheometric tests and described with a Bingham’s law. The 
microfine cement permeation in granular media has then been experimentally investigated and 
so the employment of a Darcy’s law modified to incorporate the temporal evolution of Bingha- 
mian grout rheologies has been validated for microfine cement flows. 


1 INTRODUCTION 


Permeation grouting of microfine cements is a technique commonly employed in tunnelling and 
underground structures. It consists in injecting at controlled low-pressure values a fluid-like mater- 
ial which in turn permeates throughout the soil voids. After microfine cement curing, a treated 
soil with larger strength and stiffness and reduced hydraulic conductivity is obtained. More pre- 
cisely, microfine cements are suspensions of particles in a fluid medium, analogous to ordinary 
portland cement. However, the mean particle size of microfine cements is about one order of mag- 
nitude smaller than that of ordinary portland cements (with grain sizes ranging from 63 to 0.1 
um), resulting in better flow properties and bleeding characteristics (De Paoli et al., 1992). When 
employed in permeation grouting applications, they are observed to flow sufficiently through soils 
with hydraulic conductivity (K) values higher than 10° m/s (Kirsch & Bell, 2012). Christodoulou 
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et al. (2009) performed laboratory 1D injection tests by employing microfine cements and then the 
grouted soil cylindrical specimens were subjected to undrained triaxial compression tests. The fol- 
lowing observations were derived: (i) the increase in cement fineness improves the groutability of 
cement suspensions rendering them effective for grouting of medium to fine sands; (ii) 
a satisfactory reduction (3 to 5 orders of magnitude) in permeability of sands can be obtained by 
grouting with microfine cement suspensions and the permeability reduction increases with sand 
grain size; (iii) in terms of strength improvement, grouting with micro- or ultra-fine cements offers 
a significant advantage over the coarser cements with the same chemical composition. 

However, an accurate prediction of the time dependent permeation process in soils is first cru- 
cial to assess the spatial contour of the final content of injected microfine cement and it is highly 
affected not only by operational parameters, geometry of injection sources (Boschi et al., 2022b) 
and particulate phase nature of the grout (Boschi et al., 2022a) under exam, but also by its time- 
dependent rheological properties. Especially this latter aspect is not deeply investigated in litera- 
ture, considering the ranges of shear rates, times and water-cement ratios commonly adopted 
during permeation grouting treatments. Christodoulou et al. (2009) themselves were the ones 
who firstly observed that predictive tools of groutability employing “groutability ratios” 
between characteristic sizes of injected soil and grout, present in literature and often employed 
in practise, are too optimistic. Few years ago, Mozumder et al. (2018), by injecting microfine 
cement grouts in sand columns, observed that also the other approaches present in literature to 
evaluate microfine cement injectability in soils (Markou et al., 2015; Yoon & El Mohtar, 2013) 
do not consider the high influence played by the actual grout rheology, until now erroneously 
assumed as Newtonian and time-independent. More precisely, they developed artificial neural 
network (ANN) and support vector machine (SVM) based penetrability prediction models to 
identify the key variables in groutability predictions and to quantify their effects. 

In this paper, with the ambition of more-deeply understanding the phenomena occurring 
during permeation grouting governed by complex chemo-mechanical couplings, a different 
approach has been followed. In Paragraph 2, the time-dependent rheological properties of com- 
mercial microfine cements characterized by different water-cement ratios have been first quantified 
by means of rheometric tests and described with the Bingham’s rheology. Then, the employment 
of a Darcy’s law modified to incorporate the temporal evolution of Binghamian rheologies 
(Boschi, 2022; Boschi et al., 2022c) has been proposed to simulate more accurately microfine 
cement flows in soils (Paragraph 3). In the same paragraph, referring to already-published numer- 
ical results based on a discrete element method (Boschi et al., 2020; 2022a), an indication in terms 
of maximum particulate phase characteristic size of the grout to be employed has been also pro- 
vided. Moreover, a predictive tool for feasibility studies and design phases of permeation grouting 
treatments, already proposed by Boschi (2022) and Boschi et al. (2022c) for nanosilicate grouts 
and based on the modified Darcy’s law, has been also recalled for MC grout injections. In Para- 
graph 4, the proposed approach has been validated against experimental 1D injection test results. 


2 RHEOLOGY OF MICROFINE CEMENTS 


To better characterise the rheological behaviour of microfine cement (MC) grouts, 
a commercially available MC (MasterRoc MP 650; MBS Italia, 2021) was employed in labora- 
tory. Its characteristics, as supplied by the manufacturer, are: as for the particle size distribution 
(PSD), 30 um diameter refers to 98% passing, 15 um to 94%, 5 um to 44%, 2 um to 16% and 
blaine fineness BF = 625 m*/kg. Ordinary tap water was mixed with this MC to prepare fresh 
MC grouts characterised by water-cement (w/c) ratios ranging between 0.8 and 1.2 (by weight 
of dry MC). A fixed superplasticizer (Glenium Sky 421) dosage of 1% by weight of dry MC was 
also added to enhance the flow properties, as commonly done in practical applications. 

The temporal evolution of MC grout rheological properties, characterized by different w/c 
ratios, were quantified by means of rheometric tests. First of all, the fresh grouts were accur- 
ately prepared in laboratory by employing a high-speed mixer for a total mixing time of few 
minutes. More precisely, the chosen superplasticizer dosage was firstly mixed with water thor- 
oughly. Then, the specified amount of dry MC was added in small increments with 70% of the 
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superplasticizer-mixed water, while agitating the suspension continuously. Then, after the add- 
ition of the remaining 30% superplasticizer-mixed water, the grout suspension attained the 
specified w/c ratio and was subjected to continuous agitation until the actual rheometric test 
started. To perform these tests, Thermo Scientific HAAKE Viscotester iQ rheometer was 
employed with a 4-blade vane and a grooved vessel (according to Shamu & Hakansson, 2019). 
A constant rotational velocity and so shear rate j, ranging between 10 and 120 s™!, was 
imposed to the vane, whereas the torque moment was measured continuously with time as 
well as shear stress t. System temperature T was kept constant and equal to 20°C. Stable and 
repeatable t measures were so taken and presented hereafter. 

Thanks to these results, the change of rheological properties of a MC grout with time 
during hydration (Rahman et al., 2015) is firstly discussed in Paragraph 2.1, in particular with 
reference to the grout with w/c = 0.8. Then, in Paragraph 2.2, the influence played by the w/c 
ratio in the temporal evolution of MC rheological properties is highlighted. 


2.1 Time-dependent constitutive relationship 


In Figure la, the temporal evolution of t vs. ý curves for the tested w/c = 0.8 MC grout is 
reported (different symbols refer to different time instants, being 0 the time instant at which 
grout suspension attained the target w/c ratio at the end of the mixing phase). Looking at the 
time sequence for any tested ý value, a progressive increase in t, due to the occurrence of 
chemical reactions within the material, is evident; the growth, being relatively smooth at the 
beginning, becomes more pronounced thereafter. 
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Figure 1. MC grout with w/c = 0.8: a) t vs. ) curves derived from rheometric tests; b) magnification of 
a) fort < trFA- 


While initially the t vs. 7 evolution for a fixed time instant can be interpreted as monotonic, after 
more or less 24 minutes, according to the research of Shamu & Hakansson (2019) focusing on the 
steady flows of cementitious suspensions, two different regions can be identified. An unstable region 
and a homogenous flow one are marked by an inflection point, defined at the minimum t for 
a critical 7. In the unstable flow region, below the critical 7, the material within the rheometer is no 
longer uniformly sheared due to flow localisations, with coexisting sheared fluid material as well 
as un-sheared bands of material in a solid-like regime. A negatively sloped branch in the q vs. } is 
so observed below the critical ) and its slope increases with time, suggesting that some significant 
structural build-up occurs. In the homogenous flow region, above the critical 7, the material 
inside the rheometer is uniformly sheared, without localisation, behaving as a fluid-like material. 
The time at which these two regions start coexisting is assumed to coincide with trpa after which 
the grout changes its consistency into a solid and permeation in soils is inhibited. 

For the sake of clarity, in Figure 1b, a magnification of Figure la for t < tara is added. As was 
already observed by many authors for cementitious grouts in general (Hakansson et al., 1992; 
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Pantazopoulos et al., 2012; Markou et al., 2015), it is evident that, for a fixed time instant t, such 
that 0 < t < tara, the MC grout rheological behaviour can be described by a Bingham’s rheology 
(t = To + u ; }) with the coexistence of both viscosity u and yield stress to. Once the experimental 
data (Figure 1b) for each time instant are interpolated by means of the linear Binghamian rela- 
tionship, curves T(t) and u(t) can be derived to describe the time dependency of the grout rheology 
(squares of Figures 2a and 2b, respectively). These trends detect that w/c = 0.8 MC grout behaves 
like a fluid with fixed both tọ and pu for times lower than t*,,;.<9.. Thereafter, solidification phase 
starts and yield stress prevails, by increasing rapidly. The initial viscosity of the fluid, one order of 
magnitude higher than the one of both water and nanosilica grouts (Boschi, 2022), instead, 
decreases rapidly (thixotropic behaviour), reaching a value close to 0 at t = tyra, when an 
unstable flow region starts coexisting with the stable one and playing a not-negligible role. 


2.2 Influence of water-cement ratio 


Additional w/c ratios, commonly employed in permeation grouting applications (1 and 1.2), were 
tested in addition to the w/c = 0.8 case previously examined. The time evolutions of both to(t) 
and u(t) for these two additional w/c ratios are compared always in Figure 2. It is evident that: 


— from a qualitative point of view, the evolution with time of both tg and wp are slightly 
dependent on w/c ratios: constants until a time t* and then to rapidly increasing as well 
as u rapidly decreasing until trea; 

— higher the w/c ratio is, lower the initial value of Tg is; 

— for w/c = 0.8, the initial value of u is two times the ones referred to w/c > 1, with these latter 
close to 10 mPa:s; 

— trra Slightly depends on w/c ratio, being on the order of 20 min in all the examined cases. 


Then, it can be concluded that, in permeation grouting applications, the choice of a higher w/c 
ratio associated with lower initial both to and u values would be preferable during the injection 
phase itself. Being aware that lower w/c ratios are expected to be more effective from 
a mechanical viewpoint, the choice of a higher w/c ratio would be also economically convenient. 
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Figure 2. Functions a) t9(t) and b) u(t) related to different microfine cement (MC) grouts at various 
w/c ratios. 


3 MODELLING OF MICROFINE CEMENT FLOWS THROUGHOUT SOILS 
To simulate flows of time-dependent Binghamian fluids throughout soils, Boschi (2022) and 
Boschi et al. (2022c) have recently presented a modified Darcy’s law and validated it when 


dealing with nanosilica grouts. This is expressed as 
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=O (1-2) j 


where the Macaulay brackets (-) evaluate to zero for negative arguments, returning the argu- 
ment itself if positive; v(t) is the grout seepage velocity, K(t) = k - y/u(t) the hydraulic con- 
ductivity with k [m7] the soil intrinsic permeability and y the grout weight per unit volume, i(t) 
the hydraulic gradient, ||7(¢)|| its modulus and G(t)/y the minimum hydraulic gradient for the 
flow to be triggered. This last term is strictly related to the Binghamian nature of the fluid 
under exam and directly depends on not only fluid t9(t) parameter but also characteristic 
dimension of the soil pore matrix. Indeed, G(t) is expressed as 


a = 2.20, (2) 


where d is identified by the authors as the mean pore throat diameter of the soil. Gueven et al. 
(2017) provided an accurate estimation of d value as a function of n and average particle size 
diameter Dso in the case of quite poorly-dispersed spherically-shaped granular media: 
d = (0.1808 n + 0.0069) - Dso. Alternatively, Kenney et al. (1985) estimated diameter d, of the 
largest particles that can permeate throughout the porous matrix of a soil under exam, as 
a function of its coefficient of uniformity C, and fine fraction dimensions Ds and Djs 
(Figure 3). Being pore throats the narrowest void areas of the porous matrix coincident with 
pore restrictions, the d, value is strictly related to the d one and Figure 3 can be employed to 
estimate the d value to be inserted into Equation 2. 
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Figure 3. Diameter of the largest particle potentially transported throughout the soil matrix d, as 
a function of soil fine fraction sizes (Ds and D;s) and coefficient of uniformity Cu (modified figure from 
Kenney et al., 1985). 


The proposed v(t) vs. i(t) relation is expected to correctly capture time-dependent Binghamian 
MC grout permeation throughout soils, as will be validated in Paragraph 4, but only when it is 
not affected by the particulate phase characteristic length itself. Indeed, the MC particulate phase 
could act as a barrier during MC grout advancement in soils when it is characterised by dimen- 
sions comparable or higher than soil void ones, until enhancing clogging of MC particles, resulting 
in permeation of grout fluid phase only, leaving behind the particulate one (“filter-cake” phenom- 
ena). However, these events want to be prevented in practical applications for not undermining 
the treatment effectiveness, so a sufficiently fine MC, with respect to the soil about to be treated, 
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has to be chosen during the design phase and then Equation (1) can be employed to predict MC 
grout advancement evolution. 

Recently, thanks to numerical results based on a discrete element method, Boschi et al. 
(2020; 2022a) have concluded that, in order to prevent any unwanted MC grout advancement 
dependence upon particulate phase characteristic length, the particulate phase characteristic 
size cannot overcome more or less 1/2 d, of the soil (Figure 3). 

Boschi (2022) and Boschi et al. (2022c) have firstly employed this just-introduced modified 
Darcy’s law to obtain closed-form solutions for permeation of time-dependent Binghamian 
grouts in soils starting from either spherical or cylindrical injection sources. They are based on 
the following main simplifying assumptions (Boschi et al., 2022b; 2022c): (i) constant soil por- 
osity n and k both in space and with time, (ii) immiscibility of fluids (injected and interstitial 
ones), (iii) negligibility of gravity and capillarity effects, (iv) flow laminar regime, according to 
the so called sharp-front model and (v) head losses to be concentrated in the injected grout, 
being the injected fluid more viscous than the interstitial one. In the spherical case, constant 
flow rate to be imposed Q*, radius attained by the injected fluid front r, and applied injection 
pressure p;,; are observed to be related through the following system of equations: 


(Pinj(t) — G(t)- (re(t) r0)) ore. ( z5) =0 
re(t) — ro: è/1 +38- t= 0, 


3 
4anr, 


(3) 


where rọ is the radius of the injection source. These equations may be applied to obtain the 
whole injection characteristic curves, i.e. the evolutions with time of Pi; and rg, given an 
imposed flow rate, resulting in an useful predictive tool for feasibility studies and design 
phases of permeation grouting treatments (Boschi et al., 2022d). 


4 VALIDATION OF MODIFIED DARCY’S LAW FOR MICROFINE CEMENT 
FLOWS 


The MC grout front advancement in sand has then been experimentally investigated (Para- 
graph 4.1). Thanks to the comparison with the derived experimental 1D injection test results, 
the employment of the modified Darcy’s law (Equation 1) and of the consequently proposed 
predictive tool have been validated when dealing with MC grouts. 
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Figure 4. A) Experimental set-up for injection experiments; b) imposed pj; evolutions with time t; c) 
MC grout front advancement z, derived by means of camera acquisitions. 


4.1 Experimental tests and results 


To detect grout front advancements in soils with time, the apparatus for 1D injection tests, shown 
in Figure 4a and described in Boschi (2022) and Grassi (2022), was designed and hereinafter 
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employed. A series of dry Hostun sand specimens inserted into a floating polycarbonate column 
were initially subjected to a fixed confining pressure, through the load screw located at the top 
boundary. Then, they were injected from the bottom boundary by imposing a prescribed p;„; tem- 
poral evolution, monitored by means of a pressure transducer located at the bottom boundary. 
Grout front advancements z, were detected with time by means of camera acquisitions. The 
experimental campaign was performed by changing p,,(t) and the height of the specimen of 
Hostun sand (Dio = 275 mm, Dsy = 375 mm, n = 0.41, k = 5:10"! m’), whereas the MC grout 
injected was unique (w/c = 1, y = 15 KN/m?, u(t) and to(t) reported in Figure 2) and p, = 600 kPa 
(any change in p, for sufficiently large values, not allowing the nullification of force chains, is 
expected not to affect the injection process since the tested sand is characterised by a C, = 1.4). 
The experimental results (symbols) reported in Figures 4c are so obtained by imposing the pj,j(t) 
illustrated in Figure 4b to specimens of different heights (column height Hı = 52 cm in Test 1, Hə = 
27 cm in Test 2 and H, = 56 cm in Test 3). In Figure 4c, on the right, the heights of each sand 
specimen are reported: as is evident, in case of Tests 1 and 2, the injection of the sand specimen is 
complete, since the grout front gets the top of the specimen. In case of Test 3, the front does not get 
the top, since the maximum p;; imposed is not sufficient to allow any further front advancement. It 
is worth recalling that the material rheology is changing with time and the local gradient is progres- 
sively decreasing for increasing values of z,. The authors, in order to be sure that such an arrest in 
the front advancement is not due to material curing, imposed a further increase in the p;,; and they 
observed (the corresponding data are here omitted for the sake of simplicity) a further increase in zg. 


4.2. Numerical simulations 


First of all, it is worth noticing that, for the sand under exam and according to Figure 3, d, ~ 
35 um, whose value, compared with the MC grout PSD, guarantees these experimentally performed 
grout front advancements not to be affected by the MC particulate phase characteristic length. 
These MC grout injections in Hostun sand are so analytically reproduced by considering the same 
simplifying assumptions employed by Boschi et al. (2022c) to derive System of Equation 3, but 
referred, in this case, to a linear 1D seepage geometrical condition, and so by imposing: 


nO k (ent =, i 


dt u \zt) 3 d 

All the required input data values have been already provided (Paragraph 4.1, Figures 2 and 
4b), except for d parameter, that is equal to 30.5 um according to Gueven et al. (2017) relation 
(Paragraph 3). The analytically derived z, temporal evolutions (lines) are compared with the 
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Figure 5. Numerical evolutions of a) hydraulic gradient i = pin; /(y z,), its triggering value G(t)/y and b) 
grout seepage velocity v referred to the three experimental tests simulated. 
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correspondent experimental data (symbols) in Figure 4c and the agreement is very satisfactory. In 
Figure 5, the analytically derived evolutions of both hydraulic gradients and grout seepage veloci- 
ties are also reported. As is clear in Equation 4 and shown in Figure 5, the grout front stops in the 
middle of the column (Figures 4c and 5b; Test 3) only when the hydraulic gradient, that is pj, 
(t)l(z,(t)-y) decreasing with time since Z,(t)>0, almost equalizes G(t)/y, which instead remains 
constant during the test time intervals (0 < t < tstop; Figure 5a). It is worth mentioning that these 
results, for this p;,; investigated range, also common in practical applications, (i) have been verified 
by Boschi (2022) not to be significantly influenced by gravity effects and (ii) turn out to be highly 
affected not only by grout rheology but also by d parameter (Boschi, 2022). Finally, in the light of 
these observations, the authors suggest to suitably design permeation grouting treatments espe- 
cially in terms of pi; value to be imposed, e.g. employing System of Equation 3, in order to avoid 
any premature MC grout flow stoppage. 


5 CONCLUSIONS 


In this paper, key factors affecting permeation of microfine cement (MC) grouts in soils have 
been investigated. First of all, an accurate rheological characterization of MC grouts, commonly 
employed in permeation grouting treatments, has been provided. Then, the employment of 
a predictive tool for feasibility studies and design of permeation grouting treatments with MC 
grouts, based on the definition of a modified Darcy’s law capable of taking into account the 
role played by the time-dependent Binghamian rheology, has been successfully validated. This 
has been possible thanks to experimental results, in terms of front advancement evolutions, of 
one-dimensional MC grout injection tests, performed into sand columns by imposing different 
values of injection pressures. This predictive tool allows to correctly reproduce the MC grout 
arrest due to (i) an imposed injection pressure too low with respect to the grout yield stress and 
the soil mean pore throat diameter and (ii) grout solidification process. 

In this paper, the “filter-cake” phenomena were not taken into account since the MC grout 
was treated as a flowing continuum and its particulate nature was neglected. Nevertheless, the 
authors have recalled that the relation between maximum particulate phase characteristic size 
of the grout to be employed and fine fraction sizes of the soil to be treated has been already 
provided by them in a previous work, employing a discrete element method numerical code. 
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ABSTRACT: In rock excavation (especially with explosives, but also in mechanical excava- 
tion), the vibrations of the medium where the excavation develops (rock mass) and those of the 
surrounding air (sound) are of great importance. After a synthetic description of the most 
common expressions of the “site laws” (charge - distance - vibration intensity correlations), 
attention is paid to the different types of technical problems where such correlations can be 
employed, on the basis of experimental cases and of literature data. Examples are presented con- 
sisting of suitable modifications of the excavation procedure to reduce the problem of vibra- 
tions. These modifications may concern, even jointly, the reduction of the pull, the increase of 
the drilling density (with corresponding reduction of the charges of the single holes), the increase 
of the delay numbers, the modification of the excavation system or, also, the isolation of the 
volume to be excavated with mechanical pre-cuts. The conclusions provide a straightforward 
approach to the assessment of charge per delay limits and recommendations are provided. 


1 INTRODUCTION 


The term “Site laws” is applied as a useful tool in blast work design, when damage to nearby 
buildings is feared (Wang et al. 2022). It represents a compromise between the correct representa- 
tion of a phenomenon and the simplicity of its representation, strongly biased towards simplicity. 
Its usefulness cannot be denied when used correctly, i.e. to define safe charge limits or to calibrate 
the delay sequence.; However, some warning should be given against arbitrary use (i.e. to infer 
some features of a blast from the comparison of the observed effect to the predicted effect). 

“Site laws” are expressions linking 3 variables: instantaneous charge (Q), distance taken as 
reference from the blast (R) and vibration disturbance intensity (peak particle velocity, PPV). 
The definition of these three parameters is simple even if special cases (not so rare in some 
construction sites) can complicate the problem: 


— Qis the mass of explosive detonated with caps having the same delay number; attempts to 
replace the mass with the energy did not provide advantages as far as the accuracy of pre- 
dictions is concerned: indeed, 1 kg of TNT (870 kJ) does not produce, the distance being 
equal, less vibratory disturbance than 1 kg of ANFO (1010 kJ). Also the definition of 
“instantaneous explosion” gave rise to discussions (still unsettled) on the minimal separ- 
ation interval (nil, 4 ms, 8 ms, ...) to avoid cooperation; 

— Ris the distance from the center mass of the charge (or charges) to the recording station. Some 
uncertainty (and discussion) arises when several charges are detonated with the same delay 
number at different points of the same round, or when a very long charge is detonated: the 
integration of the effects of several “elementary” charges on the disturbance attended at the 
recording station is mathematically feasible, but debatable on the theoretical basis, and not 
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apt to provide a simple rule (in jargon, it is common to say that “formulas longer than one 
inch are of no use in mining”); 

— PPV (commonly reported as v) is accepted as an indicator of the intensity of the disturbance: 
discussions on the advantages of other indicators (acceleration, displacement, combined indi- 
cators) have been settled by the fact that the more common recording instruments are PPV 
recorders, and most regulations refer to PPV limit values. However, which component (verti- 
cal, radial, transverse) or resultant (synchronous, asynchronous) value should be considered 
is still debated. 


If the definitions are almost univocal, a different situation concerns the mathematical for- 
mulations expressly used to connect Q, R, and PPV. In the following, the main mathematical 
forms proposed and adopted (or accepted) for the “site laws” are listed: 


1. USBM (1959) ppv =K-R™-Q™® 5. Davies at al. (1964) ppv =K-R~-Q" 

2. Ambraseys- ae any : Se ete ee 
Hendron (1968) ppv=K-R Q” 6. Ghosh-Daemen (1983) ppv=K-R Q” -e 

3. Langefors- SEN iG re ee ee 
Kihlström (1967) ppy=K-R4 a 7. Ghosh-Daemen (1983) ppy = K - R” - Q? a 

4. I.S. I. (1973) ppv =K- R"-Q-3" 8. CMRI (Pal Roy etal. 1993) ppv=m+K-R!-@ 


It is often forgotten that “site laws” are born as “interpolation or extrapolation rules” rather 
than as explanations in the mathematical language of a physical phenomenon: dimensional 
consistency is simply ignored in the construction of the “site laws”. To be noticed, dimension- 
ally consistent “site laws” can be built: for example, Zhou & Jin (2002) proposed: 


—n 


Ri 


where E is the energy released by the event, and K’ is a “site constant” having the dimensions 
of pressure, accounting for the strength of the ground (the load-bearing capacity of the 
ground). But this expression, as well as others that were omitted and as the more complex 
listed in Table 1 (those having more than two “site constants” to be obtained from statistical 
analysis of recorded blasts, or taking a binomial form) are scarcely used. 

The simple fact that different formulas are employed and considered equally valid (no unmis- 
takable proof has been given of the special merits of one of them) warns against the pretended 
accuracy of the predictions. Anyway, leaving out the simple coefficient as n, A, and a, it is import- 
ant to highlight that all equations are based on two important parameters, K and B, called “site 
coefficients”. 

Ideally, K and B should define the “site” (the effect of the unit charge when detonated in 
the site): for a given site, they should have accredited validity, but there are often discrepan- 
cies that should be attributed to the structure of the analyzed data populations and to the 
interpolation methods; obviously, the more the range of test blasts spreads above and below 
the unit charge, the more sensitive is the result. The last remark should be reported pertaining 
to the “site laws”: it is often forgotten that these equations are born as “interpolation or 
extrapolation rules” rather than as explanations in the mathematical language of a physical 
phenomenon: dimensional consistency is simply ignored in the construction of the “site laws”. 

A commonplace observation, when working the recorded PPV, R, and Q values from a test 
campaign to obtain the coefficient K and the exponent (or exponents) of the law, is the extreme 
dispersion of the experimental points. It has been experimentally observed that the modality of 
performing site tests can strongly affect the distribution of the obtained outcomes. 

For example, considering 20 experimental points obtained by a single blast but recording 
vibrations at different distances, the distribution of outcomes able to compute K and B is 


ppv=K. (1) 
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characterized by a lower dispersion compared to an alternative distribution obtained by the 
same number of points, in the same site, but based on 20 different blasts (Cardu & Oreste 2006). 

In any case, at the maximum speed value (peak particle velocity) the role of the main indica- 
tor of the harmfulness of the vibration is recognized by many standards (Deutsche Institut fiir 
Normung 1999, British Standard 7385-2 1993, British Standard 5228-4 1992, Swiss Standard 
VSS-SN640-312a 1992, UNI 9916:2004, NTC 2018). 


2 DRILL & BLAST IN TUNNELLING 


The application of the Drill & Blast in tunneling is characterized by a serious problem, in terms 
of vibration. The general theme of the control of vibrations from explosives is long-standing, 
and a way of dealing with it has been consolidated based on the enormous “experience” col- 
lected on the most common works (exploitation of quarries, excavation work), certainly pre- 
cious also for the case of tunnels, but from which it is difficult to draw uncritically. Blasting is 
generally inevitable for hard rock excavation activities not only in mining and quarrying, but 
also in tunnels, subways, highways, and dam construction. As these infrastructure activities are 
often close to (even mostly within) residential areas, environmental problems, unfortunately, 
occur by the ground vibrations and air blast induced by blasting (Shin et al. 2011). Tunnel con- 
struction with blasting in urban areas creates annoying ground vibrations and may inflict struc- 
tural damage when excess amounts of explosives are used. It should be reported that about 20- 
30% of the energy due to blasting is utilized to fragment the rock (Kuzu 2008, Ozer 2008). 

In the following, the problem of the control “at the source” of the vibrations in the specific 
case of the excavation of tunnels and of the forecast of their propagation at a distance is 
faced, with some examples of solutions. 


2.1 The problem of vibrations induced by blasting in tunneling, compared to other types of works 


In the most common rock excavation works (exploitation of quarries, excavation of roads or 
railway trenches, etc.) groups of parallel holes having the same geometry are repeatedly used, 
arranged according to a regular mesh (blasting pattern). An example is given in Figure 1. 


Excavated 
slope 


/ b / 
/ q ’ 
~~ ~ Production puffer holes Pre-splitting holes 
boundary ~/ blast holes — | 


Figure 1. Example of excavation of a large-scale rock slope (Yan et al. 2016). 


In these simple conditions, the control of vibrations, i.e. the operational prescription intended 
to prevent the intensity of vibrations exceed the imposed limit values by standards, is obtained 
with a simple procedure, and just as simply expressed: the vibratory effects, at different distances, 
of blast “tests”, carried out with known charges, are measured, so that the “site law” and the 
distance - frequency correlation is obtained from the data collected. The site law usually adopted 
is of the type USBM: 


1560 


R a 
v= K {|— = 2 
(m) a 
where: v = peak particle velocity (mm/s); Q = charge per delay (kg); R = distance (m); K, a = 
experimental constants, to be determined. 

In the case of tunnels, the process is conceptually the same, but with many complications: 
first of all, the blasts are composed of groups of holes that have different functions: to create 
a first opening in the face, to widen it until it reaches a section just below the desired one, to 
refine its outline. These groups of blast holes are not only loaded in a different way but also 
cause, for the same charge and distance, a disturbance of a different entity (i.e. different site 
laws should be provided for holes with different functions). Moreover, while in the open pit 
excavations the protected target is rarely very close to the blasts, in the excavation of tunnels 
this eventuality is not rare: in addition to the buildings on the surface (Figure 2), other under- 
ground works that are very close are often to be considered (metric distances, or even zero: 
the excavation of a tunnel may border on the lining of another, as in the example of Figure 3), 
and sometimes the same supporting works of the tunnel being excavated. At very small dis- 
tances from the charge, the usual definition of R (distance between the center of gravity of the 
charge and the object to be protected) and the implicit assimilation of the charge of the blast 
hole, which is an elongated cylinder, to a point where the charge itself is concentrated, makes 
no sense. In fact, it is certainly different to be 1 m away from a concentrated charge of 5 kg of 
dynamite, or 1 m away from the midpoint of a thin cylinder of dynamite with a total mass of 
5 kg and 5 m long. In these cases, the site law can still be used, but with an appropriate correc- 
tion. Furthermore, in the usual open pit blasting operations, the distance between the charges 
of the different holes, besides being almost constant, is quite large (metric). In such conditions, 
the charges surely explode under the action of the trigger, according to the scheduled times. 
Furthermore, a difference in vibratory disturbance can occur at a point on the surface, 
although the charges, the blasting plan, and the distance are the same, depending on whether 
the excavation face is approaching or moving away from the point itself. 


wo meee 
stb a QOGOAl.... 


Figure 2. Example relating to the excavation of a tunnel at distances Rj, R2, R3 from different classes 
of structures: 1 = industrial buildings; 2 = residential buildings; 3 = monuments and/or delicate buildings. 


This effect has been observed, but it does not seem to obey precise rules, and is sensitive to 
small distances (decametric or not) between the excavation face and the object under control. 
Finally, unless the excavation involves very small works, there is a much greater probability of 
passing through a large variety of rocks, with different characteristics of transmission of vibra- 
tions. The negative conclusion is that the control of vibrations in tunnel excavation requires 
a much less “automatic” approach than in ordinary open pit excavations and requires 
a heavier recourse to monitoring the effects on the sensitive objects to make possible timely 
corrections. 
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Figure 3. Example of a particularly difficult case of vibration damage control (tunnels underneath the 
town and very close to each other, in Tokyo). In the SD&B section, mechanical cutting of the profile and 
the subsequent blasting of the isolated volume with explosives (slot drilling and blasting) were used. In 
the CD&B section, an ordinary controlled blasting system with reduced charges was adopted (Hagimori 
et al. 1993). 


2.2 Types of blasts and their influence on the intensity of the disturbance produced 


In the excavation of tunnels, the holes of the group that creates the first opening are necessarily 
very close to each other: the distance can be decimetric or even less. In such conditions, the possi- 
bility of flash over (Figure 4) is not to be discarded: a charge can explode not by the action of its 
trigger, but by the impulse transmitted through the rock by a nearby charge (the transmission of 
the shock over decimeter distances requires only a few us). Therefore, in addition to drilling pre- 
cision, attention must also be paid to the type of explosive, which must not be too sensitive, and 
there is also a limit to the possibility of reducing single charges by reducing the blasting pattern. 
Almost always, the most consistent part of the vibratory disturbance is given by the cut-holes, 
which can be arranged according to an enormous variety of patterns; anyway, as a first approxi- 
mation, the decomposition of the round can be ascribed to 3 groups of blast holes, listed in order 
of decreasing intensity, other conditions being the same, of the disturbance produced: 

- cut holes: they have the task of preparing favorable conditions for those that will explode 
later, creating or extending “free walls” where these initially lack or are insufficient; 

- production holes: they must break down most of the volume, taking advantage of the 
favorable conditions created by the previous group; 

- contour holes: they have the purpose of outlining the contour of the wanted cavity, and 
therefore they essentially must detach what remains after the production blast holes have per- 
formed most of the work. 

Contour holes usually explode in large groups and therefore, although individually lightly 
loaded, can result in a high charge per delay. Even in this case, however, they rarely represent 
a problem, being generally loaded with decoupled charges, e.g. a diameter smaller than that of 
the hole, and this reduces the vibratory effect produced (Figure 5); moreover, they operate 
with reduced burden, large free surface and on rock already damaged by the detonation of the 
remaining part of the blast. 

It is at this point appropriate to consider the issue of the timing which, as can be guessed, has 
a fundamental role in the control of vibrations. Currently, there are 3 timing systems: electronic, 
with detonators incorporating an electronic timer, programmable with an accuracy of 1 ms; elec- 
tric and Nonel (detonic tubes, shock tubes), both using pyrotechnic devices to obtain the wanted 
timing. Obviously, both, but above all the first, can have small deviations from the nominal value 
and, therefore, detonators of the same nominal delay would not explode at the same instant. The 
imprecision can be 5-10% of the nominal time, depending on the brand and batch of the 
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detonators, and, therefore, gives rise to the non-coincidence of the design delay charge with that 
actually observed, especially for the blast holes that detonate last. In fact, assuming, for example, 
an inaccuracy of 10%, the detonators that nominally should explode 30 ms after the impulse, will 
explode in a time interval between 27 and 33 ms and, if several charges are triggered by these det- 
onators, they will certainly cooperate for the purpose of vibratory disturbance. Differently, the 
detonators which nominally should explode 1000 ms after the impulse, will explode in a time inter- 
val between 900 and 1100 ms, and more charges triggered by them will very rarely cooperate. 
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Figure 4. Left: example of a vibrogram of a blast in a small cross-section tunnel (the longitudinal com- 
ponent of the velocity above, the vertical component below), recorded about 30 m from the face. Notice 
the distinct peaks produced by each blast hole of each group, due to the dispersion of the pyrotechnic 
delays used. The total duration is 4 s. Right, top: vibrogram, recorded 30 m from the face, of the deton- 
ation of the first 4 cut-holes (same blast). Note the significantly higher speed of the 1st hole, although the 
charge was the same for all of them (2.5 kg of dynamite); perfectly smooth operation. Below: vibrogram, 
recorded during the advancement in the same tunnel, relating to the 4 cut-holes: the lack of the signal of 
the 3rd hole and the anomalous amplitude of the signal of the 2nd hole is evident: in fact, the 3rd hole 
exploded, due to flash over, together with the 2nd (Mancini & Cardu 2001). 


1 y = 1,2(Re/Rb}? - 0,95(Re/Rb) + 0,75 
R? = 0,81 


0.3 0.5 0.7 0.9 
Decoupling (Re/Rb) 


Figure 5. Correlation, with equal charge and distance, between the peak particle velocity p.p.v. and the 
charge decoupling, which is expressed as the ratio between the radius of the charge (Re) and the radius of 
the hole (Rb). The peak particle velocity is set = 1 per degree of decoupling of approximately 1 (Singh & 
Lamond 1995). 


3 NORMS AND LIMITS 


For many types of objects (houses, monuments, public buildings, industrial plants, etc.) the 
different countries have established rules that limit the intensity of the vibratory disturbance 
to which they can be subjected because of excavation works that take place nearby. How- 
ever, there are also objects ignored by the regulations, for which limits must also be estab- 
lished and respected (for example rock walls, supporting works of a parallel tunnel or of the 
same tunnel being excavated, etc.). The limits set by the regulations are extremely cautious: 
they are essentially intended to exclude with a good safety margin, not the structural 
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damage, but rather the so-called cosmetic damage. All the standards provide specific regula- 
tions for the disturbance produced by blasts, different from that adopted for other sources 
of vibration (such as vibrations produced by many operating machines or produced by traf- 
fic). Reference is made, for simplicity, to the model of the sinusoidal vibratory motion, 
which can be defined by only two of the four parameters (maximum elongation, maximum 
speed, maximum acceleration, frequency) with which it is usually described: for example, 
knowing the maximum speed and frequency, the maximum acceleration and maximum 
elongation can be deduced, etc. (Mancini & Cardu 2001); consequently, the standards take 
into consideration two parameters, generally, the maximum speed and the frequency: for the 
maximum speed limits are set as a function of the frequency. Of course, the limits are differ- 
ent depending on the degree of sensitivity of the object to be protected. The German stand- 
ard DIN 4150 (Figure 6) and the Swiss standard SN 640312a are the most frequently used in 
Italy. Both refer to the particle velocity as the main parameter characterizing the vibration 
for the purposes of its potential harmfulness and establish different limits depending on the 
frequency and other factors: the nature of the object to be protected in both and, in the 
Swiss one, the nature of the operation that produces vibrations, that is, if it involves few or 
many exposures of the object to the disturbance. 
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Figure 6. Graphic representation of the German standard DIN 4150, where the frequency and PPV 
limits to be respected for the different sensitivity classes of structures are noticeable. 


With the relatively low delay charges used in tunnel excavation, the chances of reaching dan- 
gerous levels are very low, even for cortical tunnels or at a short distance from other excavations, 
except in exceptional cases such as the one shown in Figure 3. One of the most frequent cases 
that can be encountered is the problem of vibrations of existing service tunnels induced by blast- 
excavation of adjacent tunnels (Liang et al. 2013). It is generally acknowledged that low- 
frequency vibration has a greater possibility to cause structural damage than high-frequency 
vibration at the same PPV, as the structures have relatively low natural frequency (Yang et al. 
2018). A delicate structure can be protected from the effect of vibrations with interventions on 
the structure itself or around it, isolating it, or reducing the cause of the disturbance at the 
source, by means of appropriate modifications to the excavation process. These modifications 
may concern, even jointly, the reduction of the pull (an example is given in Figure 7), the increase 
in the drilling density (with the corresponding reduction of the charges of the single holes), the 
increase in the number of intervals between the explosions, the abandonment of the full section 
system or, also, the isolation of the volume to be blasted with mechanical pre-cuts (this practice 
is indeed rare). In any case, a considerable slowdown in the excavation is to be expected. The 
simple reduction of the pull, while preserving the other characteristics of the blasting pattern 
and, therefore, the proportional reduction of the charge per hole, charge per delay, and total 
charge, is a common practice when the excavation face approaches a built-up area that it must 
underpass. 
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Figure 7. Excavation of the pedestrian access tunnels and lift shafts under Neuschwanstein Castle, Ger- 
many (Wild & Geuer 1999). To contain the vibrations, blasting patterns with very low pulls (1 m) and 
very high drilling density (9.1 holes/m7) were adopted, to limit the max charge per delay to within 400 g; 
the cut was made with parallel holes. The blasts were triggered in three stages, to have a sufficient 
number of intervals, and, for this purpose, electric micro-delay detonators were used. Normally the limits 
were respected, with some modest exceeding: the maximum recorded value corresponded to 14 mm/s, 
with a frequency of 77 Hz. 


4 CONCLUSION 


The blasting excavations in highly urbanized areas are going to be continuous for a certain 
time and consequently, always more attention will be paid to the environmental issues, 
such as vibrations (Ozer 2008). Consequently, a tunnel project should include also the site 
law. Empirical relations with reasonable correlation coefficients must be established and 
suggested according to the site geology and rock mass characteristics. It must be reminded 
that a site law, in practical use, is an equation that is solved for Q for given R values, to 
warrant that limit PPV will not be exceeded at the foundations of the buildings. The limit 
of PPV, in his turn, should come from another predictive equation linking PPV (on the 
foundation) to stresses acceptable (in the most sensitive parts of the building), and accept- 
able stresses from another predictive equation, pertaining to the “strength of materials”: 
a long chain. Any uncertainty in the predictions is accounted for by a “safety coefficient”, 
and the result of the product of many safety coefficients could be an unnecessarily severe 
restriction of Q. The first “safety coefficient” in the chain takes a form different from the 
others: the K values, obtained from the data (blast tests, or preferably recorded production 
blasts) because of the best fit interpolation, are increased to obtain a “law” encompassing 
all the dispersed experimental points. It is correct and unavoidable: dispersion is a feature 
characterizing the “site” and the type of work here performed. However, it must be pointed 
out that these formulas, established just for the prediction of particle velocity, would give 
erratic results because of other effects. To support the reliability of the formulas, more 
events should be monitored, and regression analysis should be updated by more measured 
results depending on advances of the time. 
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ABSTRACT: The use of fiber-reinforced shotcrete (FRS) is widely used for the construction 
of tunnel linings in highway, mining and hydroelectric projects in Latin America, which are 
designed using their flexural toughness determined by testing round panels. However, these 
tests are complex to perform and require large specimens. Alternatively, the Barcelona test, 
which consists of subjecting a cylinder to double punching, is quite simple and requires 
a relatively small specimen, it has been proposed to simplify the systematic control of the FRS 
on site. For this, it has been necessary to establish a correlation between the flexural toughness 
and the energy dissipated by the cylinder subjected to the Barcelona test. This paper presents 
the results of a preliminary research carried out using the results of the control tests of three 
mines in Mexico, where tunnel linings have been built using shotcrete reinforced with low 
amounts of synthetic fibers. The differences obtained between the estimated and experimental 
values lower than 10%. 


1 INTRODUCTION 


The use of fiber reinforced shotcrete (FRS) has been extended in underground works in Latin 
America, particularly in mining projects. In these project, the design of the lining is mainly 
based on the modified Q-Barton method (Barton et al. 1974, Barton & Bandis 1990), relating 
the quality of the rock mass to the minimum energy absorption capacity of the FRS, which is 
determined using square panel test or round panel test with panels filled during spraying, fol- 
lowing the recommendations provided in the “European Specification for Sprayed Concrete” 
published in 1996 by the European Federation of National Associations Representing Produ- 
cers and Applicators of Specialist Building Products for Concrete (EFNARC) or according to 
the EN 14488-5:07 standard (CEN 2006) in Chile and Peru or ASTM C 1550 standard 
(ASTM 2020) in Mexico, respectively. 

However, these tests require large and heavy specimen samples, which must be filled while 
spraying FRS onto the tunnel lining. This often causes the panels to present defects or damage 
that alter the results and increase their scatter, with coefficients of variation (CoV) above 15% 
and sometimes above 20% between specimens of the same sample (Carmona et al. 2020). At the 
same time, these tests do not allow check the quality of hardened FRS after sprayed. 

To facilitate the systematic quality control of the FRS and/or to have an alternative test for 
verifying the quality of the hardened support, in many projects the Barcelona (BCN) test 
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(AENOR 2010) has begun to be used in a complementary or replacing panel test, which 
allows to determine the residual resistances and the energy dissipated by the FRS. 

The main advantages of BCN test has over other standardized test for controlling toughness 
or energy absorption capacity of FRS are the use of specimens rather small but with high frac- 
ture surface, does not need closed loop control test machines, and the tests results show low 
scatter. At the same time, this test can be performed on molded cylinders or cores drilled from 
panels filled during spray of hardened fiber reinforced shotcretes lining, which is a significant 
advantage over other tests used to control fiber reinforced shotcretes. 

Taking these advantages of the BCN test into account, its application has been proposed in 
different mining tunnel projects both in Chile and Peru, for which it was necessary to establish 
an equivalence between the energy absorption capacity determined by the square panel test 
and the energy dissipated by the cylinder subjected to the BCN test. 

Although panel and BCN tests have different failure modes, the experimental equivalence 
between different tests with different failure modes is widely accepted and used in design 
codes (ACI 2022, FIB 2010). Then, to obtain a code-type relationship for the control of the 
fiber reinforced shotcrete at works by means of BCN test, Carmona et al. (2020) proposed an 
experimental nonlinear relationship of the form y = a- x’ between the energy absorption cap- 
acity determined testing square panel, E25, and the energy dissipated by cylinder subjected to 
double punching test, Egcy,s. By testing synthetic fiber reinforced concretes al laboratory 
level and using a nonlinear regression analysis by means of XLSTAT ©, these authors deter- 
mined the experimental parameters a and b, obtaining the expression (1). 


Eps = 5.267 - (Escwe)” (1) 


This equation fits very well the experimental data with a 7° = 0.9987, and the difference 
among the predicted and experimental data are lower than 2.6% and it was validated by using 
the results of square panels and cores sampled at Chuquicamata Subterranea works, with dif- 
ference between experimental and predicted values lower than 10%. 

In Mexico, round panel tests perform following ASTM C 1550 standard is com- 
monly used to control fiber reinforced shotcretes (FRS) in tunnel works, whose results 
show a lower scatter than the results obtained by testing square panels. Nevertheless, 
as said before, this test is complex and required heavy specimens. Then, the aim of 
this paper is to present a preliminary correlation between the flexural toughness deter- 
mined testing round panels with the energy dissipated by cylinders subjected to double 
punching test using the results of the control of the shotcretes reinforced with different 
contents of synthetic fibers used in the construction of the tunnel linings of three 
mines, which was developed to evaluate possible use of the BCN test for quality con- 
trol on site. 


2 BCN TEST 


The standard BCN test proposed by Molins et al. (2009) is an indirect tension test, in which 
a cylindrical specimen of fiber reinforced concrete is subjected to punching by means of two 
cylindrical steel wedges centered on the upper and lower face respectively, as shown in 
Figure la. The load applied to the cylinder through the wedges produces a conical zone under 
a triaxial compression state below them, which produces tension forces perpendicular to the 
radial lines of the specimen, as can be seen in Figure 1b. Then, when the stress reaches the 
tensile strength of concrete, cracks open perpendicular to this stress field, allowing 
a considerable displacement of the compression cone into the cylinder, increasing it radius, 
and opening the cracks. 

During test, the applied load, and the total crack opening displacement (TCOD) of the spe- 
cimen measured using a circumferential extensometer placed at half its height, must be con- 
tinuously recorded obtaining the load — TCOD response shown in Figure Ic. 
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Using the load —- TCOD responder, the energy dissipated by the FRCs during the loading 
process can be calculated as: 


TCOD 
E(TCOD) = 1 P(TCOD)d(TCOD) (2) 
0 


where E(TCOD) is the energy measured at a certain value of TCOD (Figure Ic). 

Finally, Figure 1d shows the final state of the specimens with two, three or four cracks with 
no need to be related with the fiber type or content. 

Because the TCOD is measured directly on the specimen, the results obtained with this test 
present lower scatter than the tests where the displacement is measured directly on the loading 
actuator, which are influenced by the rigidity of the loading frame. 


(d) 


Figure 1. (a) BCN test setup according to UNE 83515 (AENOR, 2010); (b) Stress state on cylinder 
under punching loading; (c) Typical load - TCOD and Energy — TCOD response obtained; and (d) Final 
state of cylinders. 


3 ROUND PANEL TEST 


This test method, standardized by ASTM as C—1550, shown in Figure 2, covers the determin- 
ation of flexural toughness of fiber-reinforced concrete expressed as energy absorption in the 
post-crack state using a round panel supported on three symmetrically arranged pivots and 
subjected to a central point load. The performance of specimens tested by this method is quan- 
tified in terms of the energy absorbed between the onset of loading and selected values of cen- 
tral deflection (ASTM 2020). 

The nominal dimensions of the panel are 75 mm in thickness and 800 mm in diameter. Thick- 
ness has been shown to strongly influence panel performance in this test, while variations in 
diameter have been shown to exert a minor influence on performance. Then, correction factors 
are provided by the ASTM C — 1550 standard to account for actual measured dimensions. 

The test must be performed in a closed loop servo-controlled testing machine using the 
measured deflection of either the specimen or the loading actuator to control the test at 
a constant rate of increase of deflection of the specimen of 4.0 + 1.0 mm/min up to a central 
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displacement of at least 45.0 mm. It should be noted that in the case where the displacement is 
measured on the load actuator, the stiffness of the loading frame influences this measurement, 
increasing the scatter of the results. So, the use of very stiff frames is highly recommended. 

The energy absorption between the onset of loading and the specified central deflection is 
calculated as the area under the load-net deflection curve between the origin and the specified 
central deflection, being the toughness in this test ordinarily defined at central deflections of 5, 
10, 20, or 40 mm. Then, the correct the energy absorption using the Equation (3): 


w=w o ($) B=2-— (ò — 0.5)/80 (3) 


where W is the corrected energy absorption, W'is the measured energy absorption, and ô is 
the specified central deflection at which the capacity to absorb energy is measured, mm. In 
Equation (3), the number 0.5 is an estimate of the elastic deflection of the specimen that 
occurs prior to cracking. 


Figure 2. (a) Round panel test; and (b) Final state of round panel. 


4 TESTS RESULTS 


To develop the proposed correlation, the mixes for shotcrete of lining of the mines Fresnillo, 
Kukulcan and Obras Mineras of Mexico were used, which were reinforced with synthetic 
fibers type Barchip BC — 48, X — 1, and X — 2, whose properties given by manufacturers are 
listed in Table 1. 


Table 1. Properties of synthetic fibers used. 


Properties Fibers 

Type of fiber BC- 48 xX-1 xX-2 
l; (mm) 48 48 48 

ds (mm) 0.70 0.77 N/A 
Mflidy) 69 62 N/A 
Tensile strength (MPa) 640 550 N/A 
Young’s Modulus (GPa) 12 7,5 N/A 
Fibers/kg (Nr) 59,500 N/A N/A 


As can be seen in Table 2, the shotcretes used for the construction of the linings of the tun- 
nels of the mines considered in this study, were reinforced with different contents of synthetic 
fibers. During the projection of the shotcretes, round panels with dimensions according to the 
ASTM C 1550 standard were sampled along with 1m x 1m square panels from which cores of 
150 mm diameters were drilled to be submitted to the BCN test. 

In this Table, the results of the toughness at 40 mm, E40, obtained testing the round panels 
and the energy dissipated by cylinder subjected to BCN test at a TCOD = 6 mm, Egon, are 
also presented, along with the coefficient of variation (CoV) of the results. Comparing the 
CoVs, there is a great variability between works. While in the Fresnillo mine, the CoV of the 
panel results is lower than the BCN tests, in Kukulcan mine, the CoV of the panel and BCN 
tests are similar, despite using the same fibers, changing only the fiber content, which could 
have difficulties in projection, sampling or during tests. However, there is no information 
available to establish the cause of this variability in the dispersion of the results. 


Table 2. Test results used. 


Work Fresnillo Kukulcan Obras Mineras 
Fiber con- 
tent (kg/m) ie 23 a 
Type of 
xX-1 BC — 54 BC — 54 xX-1 X-2 
fiber 
Test Escno Fao Egcne Eso Escno Exo Espen Es Espen Es Exscne Es 
(J) J) D J) D J) D J) D J) D (J) 
263 230 218 270 182 219 128 175 77 130 97 130 
244 224 315 245 220 294 128 191 69 110 93 151 
241 260 209 289 173 216 199 226 85 136 97 126 
212 274 218 308 132 307 122 303 102 153 97 162 
146 275 196 139 61 110 
Individual 246 275 182 152 68 95 
test results 187 327 136 156 91 
226 261 135 138 63 
191 247 148 80 
187 298 182 69 
278 290 201 85 
218 102 
Mean 220 247 267 278 170 259 154 224 79 132 98 142 
CoV (%) 17.1 9.6 15.0 98 19.1 18.6 18.3 25.5 17.8 13.4 6.0 12.1 


5 CORRELATION 


Using the criteria proposed by Carmona et al. (2020) and the results shown in Table 2, which 
are summarized in Table 3 and plotted in Figure 3, by means of a nonlinear regression ana- 
lysis perform with XLSTAT ©, the expression (4) was obtained. 


Ey) = 7.45: (Exc) ”° (4) 


Where £49 is the flexural toughness determined by testing round panel at a 40 mm of mid- 
span deflection, Egcy.6 is the energy dissipated by cylinder subjected to double punching test 
or BCN test at a TCOD of 6 mm. This equation is plotted in Figure 3 too, where fit well with 
experimental results with 7% = 0.8742, and differences between experimental data and pre- 
dicted values of Ey lower than 10% for most of samples tested, as can be seen in Table 3. 
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Table 3. Experimental results, predicted values and difference. 


Fiber Equation (4) Difference 

Fiber type Content (kg/m?) Excense (J) E49 (J) (J) (%) 

x-1 30 220 247 262 6.0 

BC — 54 f 267 278 298 7.1 

BC — 54 33 170 259 221 -14.7 
xX-1 ` 154 224 207 -7.6 

X2 79 132 133 0.9 

X-2 3.5 98 142 154 8.2 

350 


B --— T T T T gy T 
sọ 100 150 200 250 390 
E sexs (J) 


Figure 3. Experimental results (black dots) and nonlinear correlation obtained. 


6 CONCLUSION 


Currently, the use of FRS for the construction of tunnel support is widely used in mining 
operations in Latin America, which are normally controlled through the energy absorption 
capacity determined by testing square panels or the flexural toughness determined with the 
round panel test. However, these tests require large and heavy specimens and are complex to 
perform. 

To simplify the systematic control in works, it has been proposed to use the BCN test, 
which is characterized by being quite simple to execute and requires a small cylindrical speci- 
men, with which the energy released during the fracture process and the residual resistances of 
the FRS. 

To extend the use of the BCN test to the control of FRS in mining operations, it has been 
proposed to establish an experimental correlation between the flexural toughness determined 
by means of the round panel test and the energy released by the cylinder in the BCN test. 

A preliminary correlation has been established using the results of the control tests of three 
mining works in Mexico, where tunnel linings have been built using shotcrete reinforced with 
low synthetic fiber contents, obtaining that most of the differences between the experimental 
values and the estimated values are less than 10%. 

To strengthen this correlation, a greater number of results should be used, including more 
mines and reinforced shotcretes with different contents and types of fibers. 
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ABSTRACT: This paper investigates the effect of constructing a new circular (cross-passage) 
junction tunnel, perpendicularly intersecting existing deep circular (twin) main tunnels, in rock- 
mass, excavated with full-face conventional method and supported with shotcrete lining, via 
parametric 3D numerical analyses, by varying the diameter of the main and junction tunnels, 
the overburden height, the strength and deformability of the surrounding rockmass. The ana- 
lyses focus on the distribution of the circumferential and longitudinal axial forces developing at 
the primary support of the intersection areas and quantify the interaction effects by comparing 
the axial forces at the primary support of the main tunnels before, during and after the construc- 
tion of the junction tunnel. The results of the analyses are used to produce normalized graphs 
accompanied by analytical equations for the axial forces acting on the intersection zones 
between the main and the junction tunnels, applicable for preliminary estimations of primary 
support requirements at tunnel junctions. 


1 INTRODUCTION 


The construction of tunnel junctions is typical practice in the tunnel industry (e.g., the cross- 
passage tunnels constructed along the Brenner Base Tunnel in the Alps (Insam et al. 2019)) for 
health and safety, security and functionality. The interaction between the intersecting (main and 
junction) tunnels significantly modifies the stress state of the primary support and the surrounding 
rockmass at the intersection areas, compared to that of the single tunnel, thus making three- 
dimensional (3D) finite element (FE) analyses useful for the realistic and safe design of tunnel 
junctions (Chortis & Kavvadas 2021, Spyridis & Bergmeister 2015). During the construction of 
the junction tunnel, the surrounding rockmass is subjected to stress redistribution causing add- 
itional loading of the main tunnel at the intersection area. If these additional loads exceed the cap- 
acity of the primary support of the main tunnel, a potentially unstable zone can develop, leading 
to failures, especially for challenging geotechnical conditions (Chortis & Kavvadas 2021). 

The literature about the interaction effects on tunnel junctions indicates lack of analytical 
solutions (except for the methodology proposed by Gkikas & Nomikos (2020)) due to the 
complexity of the problem. Furthermore, since the required 3D-FE analyses are complicated 
and time-consuming, most of the relevant numerical investigations focus on case studies (Li 
et al. 2016, Liu et al. 2008, 2017) leading to not generally applicable conclusions. A few pertin- 
ent parametric numerical investigations study the displacements (Gkikas & Nomikos 2020, 
Hsiao et al. 2009) and the axial forces (Chortis & Kavvadas 2021, Gkikas & Nomikos 2020, 
Spyridis & Bergmeister 2015) developing in the primary support system of tunnel junctions. 


DOI: 10.1201/9781003348030-188 
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Acknowledging that, this paper conducts a comprehensive set of parametric 3D-FE analyses 
of tunnel junctions. The results of the 3D-FE analyses are used to produce design charts 
accompanied by analytical equations for the axial forces developing on the intersection zone 
between the main and the junction tunnel, applicable for preliminary estimations of primary 
support requirements at tunnel junctions. 


2 NUMERICAL ANALYSES 


junction tunnel's 
primary support f 
jokerak J the left main tunnel & 
t ) the junction tunnel 


left main tunnel's junction 
primary support a 


Figure 1. 3D numerical model. 


The investigation is carried out via parametric 3D numerical analyses with the Simulia 
Abaqus Finite Element Code. The main and the junction tunnels are assumed to be circular. 
The diameter of the tunnels is a variable parameter with values equal to D=8m, 12m for the 
main tunnels and d=6m, 8m for the junction tunnel, respectively. The overburden height (H), 
which is also a variable parameter, is simulated by applying constant stress equal to p,=yH to 
the numerical models used for the numerical analyses. Indicatively, Figure 1 presents the 
numerical model with D/d=1.5 and highlights some of the definitions used in this paper. The 
excavation length for the main tunnels is L,,.=10D, while for the junction tunnel, it is 1,,.=3D. 
The pillar width of the main tunnels (the distance between the springlines) is W=3D, eliminat- 
ing the potential interaction between twin tunnels in rockmass, constructed with partial- or 
full-face excavation and support method, as shown by Chortis & Kavvadas (2021). The numer- 
ical models utilize solid elements for the simulation of the geomaterial (surrounding rockmass) 
and shell elements for the modeling of the primary support (shotcrete). The surrounding rock- 
mass is simulated as a linear elastic, perfectly plastic geomaterial following the Generalized 
Hoek-Brown (GHB) failure criterion, as proposed by Kalos & Kavvadas (2017), while the 
shotcrete is modeled as a linear elastic material. The connection between the primary support 
linings of the main and the junction tunnels is monolithic. 

The adopted construction sequence assumes that the construction of the junction tunnel is 
modeled after the main tunnels have reached a steady state (excavated with precedent 
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deconfinement, supported and stabilized). The typical procedure of the deconfinement 
method used for 2D numerical analysis is applied to produce the redistributed stress profile 
of the main tunnels. Thus, the main tunnels are excavated via applying an internal pressure 
(pi/Po=1-À) and not by a sequential excavation method. On the contrary, the adopted con- 
struction sequence of the junction tunnel assumes a step-by-step excavation and support 
method according to the principles of conventional tunneling. This approach contributes to 
the realistic capture of the structural response/interaction of the intersecting tunnels during 
the whole construction sequence of the junction tunnel. 

Table 1 summarizes the values of the examined parameters for the surrounding rockmass 
and the primary support, the notations and the representative numerical analyses steps used 
in this paper to facilitate the interpretation of the results. 

The parametrically examined geotechnical conditions ratios (Ggn/Po) vary from 0.2 to approxi- 
mately 3, corresponding to tunneling within both weak (incompetent) and strong (competent) 
rockmass (disintegrated/fractured/weathered, disturbed, very blocky). In such conditions, the 
tunneling issues encountered are ranked from minor support problems to major “squeezing” 
problems of escalating level, as 6g,/p, reduces, according to the relationship between the antici- 
pated radial strain for unsupported tunnels within “squeezing” rockmass and the degree of diffi- 
culty in the excavation and the support of the tunnels, as presented by Hoek & Marinos (2000). 


Table 1. Numerical analyses parameters, notations and indicative steps. 


Numerical Analyses Parameters 


Category Parameter Symbol Values 
Geometrical Main Tunnel’s Diameter D (m) 12, 8 
Parameters Junction Tunnel’s Diameter d (m) 8,6 
Overburden Height H (m) 80, 160, 
240, 320 
Intact Rock UCS Sci (MPa) 10-30 
Parameters Elasticity Modulus Ratio MR 400-500 
Elasticity Modulus E; (MPa) 4000-15000 
Constant m;i 10-12 
Rockmass Geological Strength Index (Marinos & Hoek GSI 20-50 
Parameters 2018) 
“Global” UCS (Hoek & Brown 2019) Oem (MPa) 0.81-5.70 
Elasticity Modulus (Hoek & Diederichs 2006) Em (MPa) 562-5477 
Poisson Ratio, Unit Weight Vms Ym (MN/m°) 0.3, 0.025 
Geotechnical Horizontal Stress Ratio K, 1 
Parameters Deconfinement Ratio =1-pi/Po 0.5, 0.6, 0.7 
Shotcrete Elasticity Modulus, Poisson Ratio Esn (MPa), Vsh 20000, 0.2 
Parameters Thickness, Unit Weight tsn (m), Ysn (MN/m3) 0.2, 0.025 
Numerical Analyses Notations and Numerical Analyses Indicative Steps 
Po=yYH initial (in-situ) stress at the tunnel axis level 
Ocm/Po geotechnical conditions ratio 
Nor/(poD) normalized value of the circumferential (c)/longitudinal (L) axial force acting on the 


primary support of the tunnel 

Not/(Neavg mT”) normalized ratios of the circumferential (c)/longitudinal (L) axial force acting on the 
primary support of the tunnel (Ne avg “mT”: initial average axial force) 

axial force (sign) positive: compressive axial force 
negative: tensile axial force 


S/D normalized longitudinal distance from the center of the intersection area 

“MT” primary support installation at the main tunnel 

“Breakout” breakout (creation of the opening) at the primary support of the main tunnel 

“JT” end of the construction sequence of the junction tunnel 

“max” min” step with the maximum/minimum value of a parameter during the whole construc- 


tion sequence of the junction tunnel 
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Figure 2 shows the clockwise orientation of the angles 0 and ©, which are utilized to present 
the results of the axial forces acting on the periphery (angle  - red color) and the opening 
(angle © - black color) of the main tunnel, respectively. It also distinguishes the orientation of 
the axial forces acting on the primary support of the main tunnel in the circumferential and the 
longitudinal direction at the intersection area. It finally visualizes the configuration of the pri- 
mary support system for the numerical analyses indicative steps (“MT”, “Breakout”, “JT”). 

The numerical models used for the numerical analyses correspond to the “H” geometry of 
tunnel junctions. However, considering the correlation between the “H” and “T” configurations 
due to symmetry, the results of the numerical analyses could also be utilized for the “T” geom- 
etry, only for junction tunnels with comparable length to the (short) studied in this paper. 
Hence, the potentially different effect of longer junction tunnels on the “T” geometry is not 
investigated in this paper. In total, 180 parametric 3D numerical analyses have been conducted. 


main & junction tunnel 
a. orientation of the angles (Q) and (6) 


main tunnel's opening & intersection area between the main and the junction tunnel 


2=360° 
tunel junction tunnel 
crown 
n=360" eh 
6=360° 
Q=90° Springline springline springline springline 
Q=270° 2=270 . n=90° @=270' 6=90° 
Invert 
invert 0=180" 
=180" 


step 
“Breakout” 


Figure 2. Numerical analyses notations. 


3 NUMERICAL ANALYSES RESULTS 


For an indicative numerical analysis, Figure 3 presents the values of N, [a] and Ny [b] along the 
periphery of the main tunnel developing due to the interaction caused by the breakout and the 
construction of the junction tunnel. The effect at the intersection area is caused by the redistribu- 
tion of the initial average axial force acting on the shotcrete lining before the creation of the 
opening at the main tunnel. The results indicate that the effect on N, is practically eliminated at 
two diameters (2D) from the center of the intersection (definition of the influence zone). How- 
ever, the most severely influenced region, including the envelope (upper and lower) values of the 
axial force, has an extent of approximately one diameter (1D) from the center of the intersection 
(definition of the critical zone). The corresponding influence and critical zone, concerning the 
effect on Ny (that is significantly lower compared to Ne), are equal to 3D and 1D, respectively. 
Figures 3 also presents the time-history values of N, [c] and N, [d] at monitoring locations of 
the opening of the main tunnel, before, during and after the construction of the junction tunnel, 
where the axial forces maximize or minimize during the whole construction sequence of the junc- 
tion tunnel. The circumferential axial force is presented at the springline (O=90°) and the crown 
(©=360°) of the opening, where it exhibits the maximum and the minimum value, respectively, 
during the whole construction sequence of the junction tunnel. The longitudinal axial force is pre- 
sented approximately at the bisectrix between the crown and the springline (location with ©=45°) 
and the crown (O=360°) of the opening, where it exhibits the maximum and the minimum value, 
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respectively, during the whole construction sequence of the junction tunnel. Additionally, the lon- 
gitudinal axial force is presented at the springline (O=90°) of the opening. The maximum (com- 
pressive) values of N, are significantly lower compared to those of N., in terms of absolute 
magnitude, while the minimum (tensile) values of Ne and Ny are of comparable levels. However, 
the patterns (qualitative distributions) of the maximum and the minimum Ny, harmonize with 
those of N.. Either qualitatively similar or quantitively comparable results are presented by Chor- 
tis & Kavvadas (2021), Gkikas & Nomikos (2020) and Spyridis & Bergmeister (2015). 

Figure 3 finally presents the values of N, [e] and Ny [f] at the periphery of the opening of the 
main tunnel. Two stress regions are distinguished for N,; the first stress region (O=30°-90°), 


(D=8m & d=6m - D/d=1.33 - H/D=10 - K,=1 - A=0.7 - Oom Pa=0.4) 
results (values) of N, and N, along the periphery of the main tunnel 
e "MT" © “Breakout” è “JT” 


influence zone Influence zone 
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Figure 3. Values of the circumferential (N.) [a] and the longitudinal (Nı) [b] axial force along the 
periph-ery of the main tunnel. Time-history values of the circumferential (N,) [c] and the longitudinal 
(N_) [d] axial force at monitoring locations of the opening of the main tunnel. Values of the circumferen- 
tial (No) [e] and the longitudinal (N1) [f] axial force at the periphery of the opening of the main tunnel. 
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which is subjected to significant additional compressive loading and the second (@=0°-30°), 
where either compressive unloading/loading or tensile loading develops. Respectively, the 
following stress regions are distinguished for Nj; the first stress region (@=30°-90°), which is 
subjected to significant additional compressive loading and the second (O=0°-30°), where either 
compressive unloading/loading or tensile loading prevails. 

It should be noted that no interaction is developing between the main tunnels, either before, 
or after the construction of the junction tunnel, due to the pillar width between the twin tun- 
nels (W>2D). Thus, the axial forces acting on the primary support of the main tunnels and 
the intersection areas between the main and the junction tunnels are identical. 

Figures 4-5 present the design (maximum and minimum) values [al, a2] and ratios [b1, b2] of 
the ultimate circumferential axial force (N,) and the ultimate longitudinal axial force (N1) at the 
opening of the main tunnel, respectively, for the numerical analyses indicative steps “MT”, 
“Breakout”, “max” and “min”, for all the numerical analyses carried out, relative to the Tunnel 
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443 
Oom D\""# 
TLPN = (sn zya) i (5) (1) 
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Figure 4. Maximum and minimum values and ratios of the ultimate circumferential axial force (Ne) at 
the springline (®©=90°) and the crown (©=360°) of the opening of the main tunnel, relative to TLPN. 
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The circumferential and the longitudinal axial force is maximized at the springline (O=90°) and 
the bisectrix (O=45°) of the opening, respectively, while both are minimized at the crown (O=360°) 
of the opening. 

Using TLPy and performing non-linear regression, the values [Ne;L/(poD)] and the ratios 
(Nent/Neavg «mt”) Of the axial forces can be analytically approached with exponential equa- 
tions with the following general expressions: 


Ney —b-TLP; 
WE Hy, tase btn (2) 
Po ` D 7 
N, 
cfL L Yo +a: eb TLPN (3) 
Ne, avg “MT” 


The equations - related to the degree of deconfinement (A) of the main tunnels - are 
incorporated into the graphs. The normalized graphs presented in Figures 4-5 can be used 
for preliminary estimations of primary support requirements, in terms of axial forces cap- 
acity, at tunnel junctions. 
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Figure 5. Maximum and minimum values and ratios of the ultimate longitudinal axial force (N) at the 
bisectrix (O=45°) and the crown (O=360°) of the opening of the main tunnel, relative to TLPy. 
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4 CONCLUSIONS 


This paper investigates the interaction between perpendicularly intersecting deep circular tun- 
nels, conventionally excavated and supported, in rockmass (disintegrated/fractured/weathered, 
disturbed, very blocky), by conducting parametric 3D finite element analyses. The interaction 
effect is investigated in terms of the axial forces developing in the intersection areas between 
the tunnels (more accurately, between the primary supports (shotcrete linings) of the main and 
the junction tunnel). 

The locations where the axial forces maximize or minimize in the circumferential and the longi- 
tudinal direction are located exclusively at the periphery of the opening of the primary support of 
the main tunnel. Due to the breakout, Ne increases at the springline (O=90°) and decreases to 
practically zero at the crown (©=360°). The step-by-step excavation and support of the junction 
tunnel further increase N, at the springline (O=90°), while at the crown (O=360°), marginally com- 
pressive or tensile N, develops. The breakout and the construction of the junction tunnel generate 
the maximum (compressive) N; at approximately the location with @=45° (more accurately, 
within the range 30°<@<60°). At the crown (©=360°), the minimum (compressive or tensile) Np 
develops. The maximum (compressive) values of Ny are significantly lower compared to those of 
N,, in terms of absolute magnitude, while the minimum (compressive or tensile) values of the 
axial force in both the circumferential and the longitudinal direction are of comparable levels. 

The critical zone in the primary support of the main tunnel, where the axial forces are subjected 
to severe redistributions due to the construction of the junction tunnel, has an extent of approxi- 
mately one diameter (1D) of the main tunnel, at either side of the center of the intersection. 

The maximum and minimum, longitudinal and circumferential, ultimate axial forces (com- 
pressive or tensile), at the periphery of the opening of the main tunnel, are presented normalized 
(as values) or quantified (as ratios), for indicative steps of the construction sequence of the junc- 
tion tunnel, relative to the Tunnel Load Parameter (TLPN) that incorporates geometrical and 
geotechnical parameters encountered in the construction of tunnel junctions. The plots in the 
latter normalized graphs recommended design charts of the axial forces developing in tunnel 
junctions and are accompanied by analytical equations that autonomously or in conjunction 
can be used for preliminary estimations of primary support requirements (axial forces capacity). 


REFERENCES 


Chortis, F., Kavvadas, M., 2021. Three-Dimensional Numerical Analyses of Perpendicular Tunnel 
Intersections. Geotechnical and Geological Engineering. https://doi.org/10.1007/s10706-020-01587-w 
Chortis, F., Kavvadas, M., 2021. Three-Dimensional Numerical Investigation of the Interaction Between 
Twin Tunnels. Geotechnical and Geological Engineering, 39(8),5559-5585. https://doi.org/10.1007/ 

s10706-021-01845-5 

Gkikas, V.I., Nomikos, P.P., 2020. Primary Support Design for Sequentially Excavated Tunnel Junctions 
in Strain-Softening Hoek—Brown Rock Mass. Geotechnical and Geological Engineering. https://doi. 
org/10.1007/s10706-020-01602-0 

Hoek, E., Brown, E.T., 2019. The Hoek—Brown failure criterion and GSI — 2018 edition. Journal of 
Rock Mechanics and Geotechnical Engineering. https://doi.org/10.1016/j.jrmge.2018.08.001 

Hoek, E., Diederichs, M.S., 2006. Empirical estimation of rock mass modulus. International Journal of 
Rock Mechanics and Mining Sciences. https://doi.org/10.1016/j.ijrmms.2005.06.005 

Hoek, E., Marinos, P., 2000. Predicting tunnel squeezing problems in weak heterogeneous rock masses. 
Tunnels and Tunnelling International. 

Hsiao, F.Y., Wang, C.L., Chern, J.C., 2009. Numerical simulation of rock deformation for support 
design in tunnel intersection area. Tunnelling and Underground Space Technology. https://doi.org/ 
10.1016/j.tust.2008.01.003 

Insam, R., Wahlen, R., Wieland, G., 2019. Brenner base tunnel — interaction between underground struc- 
tures, complex challenges and strategies, in: Tunnels and Underground Cities: Engineering and Innov- 
ation Meet Archaeology, Architecture and Art- Proceedings of the WTC 2019 ITA-AITES World 
Tunnel Congress. https://doi.org/10.1201/978042942444 1-408 

Kalos, A., Kavvadas, M., 2017. A Constitutive Model for Strain-Controlled Strength Degradation of 
Rockmasses (SDR). Rock Mech Rock Eng. https://doi.org/10.1007/s00603-017-1288-x 


1581 


Li, Y., Jin, X., Lv, Z., Dong, J., Guo, J., 2016. Deformation and mechanical characteristics of tunnel 
lining in tunnel intersection between subway station tunnel and construction tunnel. Tunnelling and 
Underground Space Technology. https://doi.org/10.1016/j.tust.2016.02.016 

Liu, H. Liang, Li, S. Cai, Li, L. Ping, Zhang, Q. Qing, 2017. Study on deformation behavior at intersec- 
tion of adit and major tunnel in railway. KSCE Journal of Civil Engineering. https://doi.org/10.1007/ 
s12205-017-2128-y 

Liu, H., Small, J., Carter, J., 2008. Effects of Tunnelling on Existing Support Systems of Intersecting 
Tunnels in the Sydney Region. https://doi.org/10.36487/acg_repo/808_150 

Marinos, P., Hoek, E., 2018. GSI: A geologically friendly tool for rock mass strength estimation, in: 
ISRM International Symposium 2000, IS 2000. 

Spyridis, P., Bergmeister, K., 2015. Analysis of lateral openings in tunnel linings. Tunnelling and Under- 
ground Space Technology. https://doi.org/10.1016/j.tust.2015.08.005 


1582 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


3D numerical investigation of the bending moments acting on 
tunnel junctions constructed in fractured/weathered to very blocky 
rockmass 


F. Chortis 
Archirodon NV, Athens, Attica, Greece 


M. Kavvadas 
National Technical University of Athens, Athens, Attica, Greece 


ABSTRACT: This paper investigates the effect of constructing a new circular (cross- 
passage) junction tunnel, perpendicularly intersecting existing deep circular (twin) main tun- 
nels, in rockmass, excavated with full-face conventional method and supported with shotcrete 
lining, via parametric 3D numerical analyses, by varying the diameter of the main and junc- 
tion tunnels, the overburden height, the strength and deformability of the surrounding rock- 
mass. The analyses focus on the distribution of the circumferential and longitudinal bending 
moments developing at the primary support of the intersection areas and quantify the inter- 
action effects by comparing the bending moments at the primary support of the main tunnels 
before, during and after the construction of the junction tunnel. The results of the analyses are 
used to produce normalized graphs accompanied by analytical equations for the bending 
moments acting on the intersection zones between the main and the junction tunnels, applic- 
able for preliminary estimations of primary support requirements at tunnel junctions. 


1 INTRODUCTION 


The construction of tunnel junctions is typical practice in the tunnel industry (e.g., the cross- 
passage tunnels constructed along the Brenner Base Tunnel in the Alps (Insam et al. 2019)) for 
health and safety, security and functionality. The interaction between the intersecting (main and 
junction) tunnels significantly modifies the stress state of the primary support and the surround- 
ing rockmass at the intersection areas, compared to that of the single tunnel, thus making three- 
dimensional (3D) finite element (FE) analyses useful for the realistic and safe design of tunnel 
junctions (Chortis & Kavvadas 2021, Spyridis & Bergmeister 2015). During the construction of 
the junction tunnel, the surrounding rockmass is subjected to stress redistribution causing add- 
itional loading of the main tunnel at the intersection area. If these additional loads exceed the 
capacity of the primary support of the main tunnel, a potentially unstable zone can develop, lead- 
ing to failures, especially for challenging geotechnical conditions (Chortis & Kavvadas 2021). 
The literature about the interaction effects on tunnel junctions indicates lack of analytical solu- 
tions (except for the methodology proposed by Gkikas & Nomikos (2020)) due to the complexity 
of the problem. Furthermore, since the required 3D-FE analyses are complicated and time- 
consuming, most of the relevant numerical investigations focus on case studies (Li et al. 2016, 
Liu et al. 2008, 2017) leading to not generally applicable conclusions. A few pertinent parametric 
numerical investigations study the displacements (Gkikas & Nomikos 2020, Hsiao et al. 2009) 
and the bending moments (Gkikas & Nomikos 2020, Spyridis & Bergmeister 2015) developing in 
the primary support system of tunnel junctions. Acknowledging that, this paper conducts 
a comprehensive set of parametric 3D-FE analyses of tunnel junctions. The results of the 3D-FE 
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analyses are used to produce design charts accompanied by analytical equations for the bending 
moments developing on the intersection zone between the main and the junction tunnel, applic- 
able for preliminary estimations of primary support requirements at tunnel junctions. 


2 NUMERICAL ANALYSES 


junction tunnel's 
primary support 
(shotcrete) 


intersection area between 
the left main tunnel & 
the junction tunnel 


left main tunnel's junction 
primary support tunnel’s 
(shotcrete) diameter 


d=8m 


j 


right main tunnel's opening 
primary support 
(shotcrete) 


Figure 1. 3D numerical model. 


The investigation is carried out via parametric 3D numerical analyses with the Simulia Abaqus 
Finite Element Code. The main and the junction tunnels are assumed to be circular. The diameter 
of the tunnels is a variable parameter with values equal to D=8m, 12m for the main tunnels and 
d=6m, 8m for the junction tunnel, respectively. The overburden height (H), which is also 
a variable parameter, is simulated by applying constant stress equal to po=yH to the numerical 
models used for the numerical analyses. Indicatively, Figure 1 presents the numerical model with 
D/d=1.5 and highlights some of the definitions used in this paper. The excavation length for the 
main tunnels is L.,.=10D, while for the junction tunnel, it is 1,,.=3D. The pillar width of the main 
tunnels (the distance between the springlines) is W=3D, eliminating the potential interaction 
between twin tunnels in rockmass, constructed with partial- or full-face excavation and support 
method, as shown by Chortis & Kavvadas (2021). The numerical models utilize solid elements for 
the simulation of the geomaterial (surrounding rockmass) and shell elements for the modeling of 
the primary support (shotcrete). The surrounding rockmass is simulated as a linear elastic, perfectly 
plastic geomaterial following the Generalized Hoek-Brown (GHB) failure criterion, as proposed 
by Kalos & Kavvadas (2017), while the shotcrete is modeled as a linear elastic material. The con- 
nection between the primary support linings of the main and the junction tunnels is monolithic. 
The adopted construction sequence assumes that the construction of the junction tunnel is mod- 
eled after the main tunnels have reached a steady state (excavated with precedent deconfinement, 
supported and stabilized). The typical procedure of the deconfinement method used for 2D 
numerical analysis is applied to produce the redistributed stress profile of the main tunnels. Thus, 
the main tunnels are excavated via applying an internal pressure (pj/p,=l-A) and not by 
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a sequential excavation method. On the contrary, the adopted construction sequence of the junc- 
tion tunnel assumes a step-by-step excavation and support method according to the principles of 
conventional tunneling. This approach contributes to the realistic capture of the structural 
response/interaction of the intersecting tunnels during the whole construction sequence of the 
junction tunnel. 

Table 1 summarizes the values of the examined parameters for the surrounding rockmass 
and the primary support, the notations and the representative numerical analyses steps used 
in this paper to facilitate the interpretation of the results. 

The parametrically examined geotechnical conditions ratios (Ogy/p,) vary from 0.2 to approxi- 
mately 3, corresponding to tunneling within both weak (incompetent) and strong (competent) 
rockmass (disintegrated/fractured/weathered, disturbed, very blocky). In such conditions, the tun- 
neling issues encountered are ranked from minor support problems to major “squeezing” prob- 
lems of escalating level, as Og,/p. reduces, according to the relationship between the anticipated 
radial strain for unsupported tunnels within “squeezing” rockmass and the degree of difficulty in 
the excavation and the support of the tunnels, as presented by Hoek & Marinos (2000). 


Table 1. Numerical analyses parameters, notations and indicative steps. 


Numerical Analyses Parameters 


Category Parameter Symbol Values 
Main Tunnel’s Diameter D (m) 12, 8 
Geometrical Junction Tunnel’s Diameter d (m) 8,6 
Parameters . 80, 160, 
Overburden Height H (m) 240, 320 
UCS Sci (MPa) 10-30 
Titaak Rock Elasticity Modulus Ratio MR ea 
Parameters Elasticity Modulus E; (MPa) 15000 
Constant m;i 10-12 
Geological Strength Index (Marinos & Hoek 2018) GSI 20-50 
Rockis “Global” UCS (Hoek & Brown 2019) Oem (MPa) 0.81-5.70 
Elasticity Modulus (Hoek & Diederichs 2006) Em (MPa) 562-5477 
Parameters ee 
Poisson Ratio, Unit Weight (MN/im°) 0.3, 0.025 
Geotechnical Horizontal Stress Ratio Ko l TP 
Parameters Deconfinement Ratio A= 1-pi/Po 07 ag 
bes . ; Esn (MPa), 20000, 
Shötcete Elasticity Modulus, Poisson Ratio ve 02 
Parameters : : ; tsh (m), Ysh 
Thickness, Unit Weight (MN/m’) 0.2, 0.025 
Numerical Analyses Notations and Numerical Analyses Indicative Steps 
Po=yH initial (in-situ) stress at the tunnel axis level 
Oem! Po geotechnical conditions ratio 
Me /(poD”) normalized value of the circumferential (c)/longitudinal (L) bending moment acting on 
*107 the primary support of the tunnel 
a z ) normalized ratios of the circumferential (c)/longitudinal (L) bending moment acting on 
Aa “MT the primary support of the tunnel (N. avg “mT”: initial average axial force) 
bending positive: tension at intrados/compression at extrados of the shotcrete lining 
moment (sign) negative tension at extrados/compression at intrados of the shotcrete lining 
S/D normalized longitudinal distance from the center of the intersection area 
“MT” primary support installation at the main tunnel 
“Breakout” breakout (creation of the opening) at the primary support of the main tunnel 
“JT” end of the construction sequence of the junction tunnel 
«max”/”min” step with the maximum/minimum value of a parameter during the whole construction 


sequence of the junction tunnel 
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Figure 2 shows the clockwise orientation of the angles Q and ©, which are utilized to present 
the results of the bending moments acting on the periphery (angle Q - red color) and the opening 
(angle © - black color) of the main tunnel, respectively. It also distinguishes the orientation of the 
bending moments acting on the primary support of the main tunnel in the circumferential and 
the longitudinal direction at the intersection area. It finally visualizes the configuration of the 
primary support system for the numerical analyses indicative steps (““MT”, “Breakout”, “JT”). 

The numerical models used for the numerical analyses correspond to the “H” geometry of 
tunnel junctions. However, considering the correlation between the “H” and “T” configurations 
due to symmetry, the results of the numerical analyses could also be utilized for the “T” geom- 
etry, only for junction tunnels with comparable length to the (short) studied in this paper. 
Hence, the potentially different effect of longer junction tunnels on the “T” geometry is not 
investigated in this paper. In total, 180 parametric 3D numerical analyses have been conducted. 


main & junction tunnel 


a. orientation of the angles (Q) and (0) 
main tunnel's opening & intersection area between the main and the junction tunnel 


junction tunnel 
crown 
2=360° crown 
@=360° 
Me 
soma 2=90° Springline springline springline springline 
0-90% n=270° N=270° n=90° @=270° a=90" 
Pad m a 
invert 
tvert Ə=180° 
n=180° 
N=180° 


b. configuration of the primary support (shotcrete) at numerical analyses indicative steps 


step step 
"MT" "Breakout" 


Figure 2. Numerical analyses notations. 


3 NUMERICAL ANALYSES RESULTS 


For an indicative numerical analysis, Figure 3 presents the values of M, [a] and My [b] along 
the periphery of the main tunnel developing due to the interaction caused by the breakout and 
the construction of the junction tunnel. The effect at the intersection area is caused by the 
redistribution of the initial average axial force acting on the shotcrete lining before the cre- 
ation of the opening at the main tunnel. The results indicate that the effect on M, is practically 
eliminated at two diameters (2D) from the center of the intersection (definition of the influ- 
ence zone). However, the most severely influenced region, including the envelope (upper and 
lower) values of the bending moment, has an extent of approximately one diameter (1D) from 
the center of the intersection (definition of the critical zone). The corresponding influence and 
critical zone, concerning the effect on Mj, are also equal to 2D and 1D, respectively. 

Figures 3 also presents the time-history values of M, [c] and My [d] at monitoring locations of 
the opening of the main tunnel, before, during and after the construction of the junction tunnel, 
where the bending moments maximize or minimize during the whole construction sequence of 
the junction tunnel. The maximum negative M, develops initially at the springline (®=90°) and 
finally at the crown (O=360°) of the opening. After the breakout, M, gradually becomes negative 
and remains negative until the completion of the construction sequence of the junction tunnel, 
with the maximum negative M, developing at the crown (@=360°) instead of the springline 
(©=90°) of the opening, while M, at the springline (O=90°) of the opening is constantly negative 
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until the completion of the construction sequence of the junction tunnel. Respectively, the max- 
imum positive M; develops at the crown (O=360°) of the opening and remains positive during 
the whole construction sequence of the junction tunnel, while M; at the springline (O=90°) of the 
opening is constantly negative until the completion of the construction sequence of the junction 
tunnel. Either qualitatively similar or quantitively comparable results are presented by Chortis & 
Kawvadas (2021), Gkikas & Nomikos (2020) and Spyridis & Bergmeister (2015). 

Figure 3 finally presents the values of M, [e] and M, [f] at the periphery of the opening of the 
main tunnel and indicates the locations where the bending moments exhibit their positive and 
negative maximums during the whole construction sequence of the junction tunnel at the 


(D=8m & d=6m - D/d=1.33 - H/D=10 - K,=1 - A=0.7 - 0,,,/p,=0.4) 
results (values) of M, and M, along the periphery of the main tunnel 
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Figure 3. Values of the circumferential (M.) [a] and the longitudinal (M1) [b] bending moment along 
the periphery of the main tunnel. Time-history values of the circumferential (Mo) [c] and the longitudinal 
(Mo) [d] bending moment at monitoring locations of the opening of the main tunnel. Values of the cir- 
cumferential (M.) [e] and the longitudinal (M_) [f] bending moment at the periphery of the opening of 
the main tunnel. 
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periphery of the opening. The maximum positive Memaxpos develops between the bisectrix 
(©=45°) and the crown (©=360°) of the opening, while the maximum negative Mz max,neg initially 
at the springline (O=90°) and finally at the crown (0=360°) of the opening. The maximum posi- 
tive My max,pos develops at the crown (@=360°) of the opening, while the maximum negative 
ML max,neg between the bisectrix (O=45°) and the springline (O=90°) of the opening. 

It should be noted that no interaction is developing between the main tunnels, either before, or 
after the construction of the junction tunnel, due to the pillar width between the twin tunnels 
(W>2D). Thus, the bending moments acting on the primary support of the main tunnels and the 
intersection areas between the main and the junction tunnels are identical. Furthermore, the initial 
bending moments acting on the primary support of the main tunnels are practically equal to zero 
due to the assumed circular shape for the tunnels and the applied hydrostatic constant stress field. 

Figures 4-5 present the design (maximum and minimum) values [al, a2] and ratios [b1, b2] 
of the circumferential bending moment (M,) and the longitudinal bending moment (Mj) at 
the opening of the main tunnel, respectively, for the numerical analyses indicative steps 
“Breakout”, “max” and “min”, for all the numerical analyses carried out, relative to the 
Tunnel Load Parameter defined as: 


Om 
Tey = — (1) 
0.8 0.2 
y-D?.-H 
(D=12m & d=8m, D=8m & d=6m - D/d=1.5, 1.33 - 
- H/D=6.7, 13.4, 20,1, 26.8, 10, 20, 30, 40 - K,=1 - À=0.5, 0.6, 0.7) 
max & min values & ratios of the circumferential bending moment (M,) 
at the opening of the main tunnel 
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È Sun 
2 - 
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2 2 
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(Dalim) « ya-2320-esp{-0.400+)+0.023 (D=8m) - y2-5.350»enp(-0. 230a) 70.073 
(D=12m) - y=-0.930-exp(-0.570-x)+0.008 -3.0 f (D=22m) - y=-3.7HO+enp{-0,330+")+0.047 
++ — ——— > 
| 
20 H/D<20 | forall H/D 40 H/D<20 | forall H/D 
0 5 10 15 20 o 5 10 15 20 
TLPy=[ em / (YDH?) TLP4=[0¢m/(yD°*H)) 
bi b2 


Sm) - ¥=0,060-exp(-0,4000}+0.000 
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Figure 4. Maximum and minimum values and ratios of the circumferential bending moment (M,) at the 
opening of the main tunnel, relative to TLPy. 
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The circumferential bending moment is maximized, in absolute magnitude, initially at the 
springline (O=90°) and finally at the crown (@=360°) of the opening, while the longitudinal 
bending moment is maximized, in absolute magnitude, at the bisectrix (O=45°) of the opening. 

Using TLPy, and performing non-linear regression, the values [M./(p,D)*10°] and the 
ratios [e=Mygt/Ne,avg “mT” (m)] of the bending moments can be analytically approached with 
exponential equations with the following general expressions: 


Moi 3 —b-TLP 
——{~ 10° =y, +a-e M (2) 
(Po ` D?) ° 
M 
a= c/L =y, +a: e oO TLP (m) (3) 
Neavg"MT" 


The equations - not related to the degree of deconfinement (A) of the main tunnels - are 
incorporated into the graphs and are differentiated versus the diameter (D) of the main tun- 
nels. The normalized graphs presented in Figures 4-5 can be used for preliminary estimations 
of primary support requirements, in terms of bending moments capacity, at tunnel junctions. 
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Figure 5. Maximum and minimum values and ratios of the longitudinal bending moment (Mı) at the 
opening of the main tunnel, relative to TLPy. 
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4 CONCLUSIONS 


This paper investigates the interaction between perpendicularly intersecting deep circular tun- 
nels, conventionally excavated and supported, in rockmass (disintegrated/fractured/weathered, 
disturbed, very blocky), by conducting parametric 3D finite element analyses. The interaction 
effect is investigated in terms of the bending moments developing in the intersection areas 
between the tunnels (more accurately, between the primary supports (shotcrete linings) of the 
main and the junction tunnel). 

The breakout and the construction of the junction tunnel cause the development of additional 
circumferential and longitudinal bending moments at the intersection area between the main 
and the junction tunnel. The locations at the periphery of the opening of the primary support of 
the main tunnel where the bending moments maximize or minimize in the circumferential and 
the longitudinal direction are defined as follows. The maximum positive Me max,pos develops 
between the bisectrix (O=45°) and the crown (©=360°), while the maximum negative Ms, max,neg 
initially at the springline (O0=90°) and finally at the crown (@=360°). The maximum positive 
ML max,pos develops at the crown (©=360°), while the maximum negative My max.neg between the 
bisectrix (©=45°) and the springline (O=90°). The maximum positive My max,pos iS higher than 
or comparable to the maximum positive Me max,pos) While the maximum negative Me max.neg 18 
higher than or comparable to the maximum negative My max,neg- 

The critical zone in the primary support of the main tunnel, where the bending moments 
are subjected to severe alterations due to the construction of the junction tunnel, has an extent 
of approximately one diameter (1D) of the main tunnel, at either side of the center of the 
intersection. 

The maximum and minimum, longitudinal and circumferential, ultimate bending moments 
(positive and negative), at the periphery of the opening of the main tunnel, are presented nor- 
malized (as values) or quantified (as ratios), for indicative steps of the construction sequence 
of the junction tunnel, relative to the Tunnel Load Parameter (TLPm) that incorporates geo- 
metrical and geotechnical parameters encountered in the construction of tunnel junctions. The 
plots in the latter normalized graphs recommended design charts of the bending moments 
developing in tunnel junctions and are accompanied by analytical equations that autono- 
mously or in conjunction can be used for preliminary estimations of primary support require- 
ments (bending moments capacity). 
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ABSTRACT: Mumbai Metro Line 3 (Line 3) is one of the unique and most challenging 
ongoing underground metro works in India. The project covers the approximately 33.5km 
long underground metro rail system running from Cuffe Parade Station in the south of 
Mumbai to the Seepz station at the northern end with 26 underground stations and associated 
tunnels. The construction of Line 3 is divided in 7 contract packages. The fully underground 
MML3 project comprises mixed ground condition of various weathering grade of rock 
throughout the tunneling stretch. Out of 26 underground stations 7 stations are constructed 
with combination of cut & cover boxes and conventional tunneling. In this project there are 3 
crossovers, stabling tunnels at two stations and 88 cross passages connecting the bored tunnels 
which are constructed conventionally. In this paper, few very crucial challenges faced during 
design and construction of conventional tunneling are discussed. At present, 90-95% of con- 
ventional tunneling is successfully completed and remaining to be accomplished soon. 


1 INTRODUCTION 


Mumbai is known as the financial capital of India and is now one of the most urbanized 
regions of the world. Mumbai Metropolitan Region is continuously undergoing massive 
growth and thus offering new opportunities with the growing population. Mumbai city 
depends on the suburban railways (locals), bus transport system and private vehicles as main 
modes for transportation. The Mumbai Suburban Railways, which form the backbone of the 
city’s transport system, is under extreme pressure whereas the bus system has got limited cap- 
acity to serve the increasing city population. Expansion of existing road and surface rail net- 
work is not viable due to non-availability of open land and thus, a new economical and 
environment friendly mass transport system has become a need of the hour. To cater the 
growing demand and future travel needs, the government has identified a network of elevated 
and underground metro rail corridors as the most effective mode of public transport, Line 3 
being the most important among them. 

Integration of Line 3 will provide a faster, effective, dependable mode of public transport 
and will also become a key factor in increasing public transit usage reducing the carbon foot- 
prints. As planned, construction of underground metro rail corridor is carried out using 
Tunnel Boring Machines (TBM’s), Conventional tunnel excavation and Cut & Cover station 
boxes. This paper presents few crucial design and construction challenges faced during con- 
ventional tunneling in Mumbai Metro Line 3. 
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2 MUMBAI METRO LINE 3 


2.1 Project overview 


A fully underground Mumbai Metro line 3 (MML3) connecting Colaba-Bandra-Seepz corridor is 
presently under construction. This line is also known as Aqua Line which connects important 
hubs of the city such as Nariman Point, Bandra-Kurla-Complex, Worli, airport, MIDC and 
SEEPZ. MML3 alignment traverses beneath old and congested city’s landscape, heritage and 
dilapidated buildings, operational railways & metro track, flyovers, major utilities, river etc. Con- 
struction of this underground rail corridor mainly comprises a 33.5km long bored twin tunnels, 
27 stations (26 undeground+1 at grade), 88 cross passages between the bored tunnels and 3 cross 
over caverns. Out of 26 underground stations, 19 stations are built as cut and cover box stations 
and remaining 7 stations construction involve combination of cut & cover box and conventional 
tunneling. The latter is adopted to build these tunnels considering minimal impact of construction 
on surrounding which is achieved by envisaging the rock mass behaviors using extensive monitor- 
ing of ground and adopting ‘design as you go approach’ for construction. Support in conven- 
tional tunnelling mainly comprises shotcrete lining, lattice girders and rock bolts as primary 
support measures and reinforced concrete lining protected by waterproofing arrangements as per- 
manent support. These tunnels are designed as undrained tunnel ensuring minimal settlement on 
ground due to water table drawdown. 

The complete alignment of MML3 of about 33.5km is divided in 7 contract packages 
(Figure 1). 


Conventional Tunneling 
Scope 


Package | (UIGCO1) - è Turn back/stabling siding 
Cuffe Parade to CST Tunnels at Cuffe Parade 
o Hutatma Chowk station 
e Cross passages (8 Nos.) 
ackage 2 (UGCO02) - e CST Crossover 
CST to Mumbai Central e Kalbadevi station 
e Girgaon station 
e Grant Road station 
e Cross passages (7 Nos.) 


e Shitladevi station 
/orli to Dharavi e Cross passages (21 Nos.) 


ackage 5 (UGCO0S5) - * Santacruz station 
Dharavi to Santacruz * Two stabling siding tunnels 
at BKC 


e Cross passages (10 Nos.) 
© Sahar crossover 
ə Cross passages (14 Nos.) 


© Marol Naka station 
SIA (Intemational) to SEEPZ |e Cross passages (13 Nos.) 


Figure 1. MML3 alignment (source: www.tunneltalk.com) and contract packages with associated scope 
of conventional tunnelling works. 


2.2 Geology of the area 


The Mumbai Island originally made of seven islands, separated from one another by marshlands. 
The top soil cover in the city region is made of reclaimed filled material, alluvial and sand. The 
mainland is characterized by considerable variation in the lithological units of the Deccan Traps. 
The geological formations found in Mumbai include the Deccan Basalts and its acid variants, 
volcanic tuffs, intertrappean sediments such as shale, dykes and laterite. The ground water table 
is shallow due to which the contact between topsoil and rock is mostly found to be weathered 
and disintegrated. Rock mass of different weathering grade found commonly due to open joints 
in volcanic formations. Effect of rock weathering reduced gradually with depth in most of the 
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area. Most of the tunnels are built within top 20-25m depth and thus, geology has played 
a significant role in designing and construction of underground structures on Line 3. 


3 CHALLENGES FACED DURING CONVENTIONAL TUNNELLING - MML3 


3.1 UGCOI- Stretch between Cuffe Parade station to start of CST station (Figure 1) 


Challenges faced at Hutatma Chowk Station: This station is surrounded by heritage and 
numerous old buildings on Dr. Dadabhai Naoroji road (Figure 2). Since, there was not 
enough road width and working space available on ground to build complete station as cut & 
cover box, this station is built using combination of cut & cover box in available road width 
and rest as conventionally driven tunnel to accommodate platform. This tunnel is constructed 
right beneath the heritage and sensitive buildings which are over 100 years old. 


HUTATMA CHOWK 
STATION HERITAGE 


PRECINCT 


Figure 2. Layout of Hutatma chowk station surrounded by Heritage buildings. 


This station comprises construction of cut and cover station box of length 233m and 9.8m 
wide D-shaped platform tunnel with 3m rock pillar width in between through the length of 
station. Connection to platform tunnel from station box is provided by 8 cross passages. Geol- 
ogy encountered at tunnel level was mainly fresh to moderately weathered basalt of grade I/II. 
Some small patches of grade III were expected along the tunnel alignment, thus making it safe 
for excavation with minimal tunnel stability issues. Geotechnical design parameters for 
Hutatma chowk station are given in Table 1. 


Table 1. Geotechnical parameters for various type of strata at Hutatama chowk station. 


Unit weight UCS for intact Modulus Ei Cohesion Angle of internal 


Geological Units [kN/m°] rock [MPa] [MPa] [MPa] friction [°] 
1 Fill 18 10 0 28 
2a Soils 18 10 0 28 
3c Basalt WG II 26 40 14000 0.30 64 
3d Basalt WGI& I 26 50 17500 0.68 67 


A two dimensional (2D) Finite Element modelling using Mohr-Coulomb material model was 
done for the station using PLAXIS 2D software. It was assumed that the rock mass surrounding 
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the tunnel is isotropic, homogeneous and in plane strain condition. Excavation to base slab of 
Cut and Cover part was modelled first followed by full-face excavation of platform tunnel. 
Water table for the analyses was considered at ground level. FEM analysis was carried out to 
check the structural stability of station (Figure 3). The stresses developed in rock pillar and asso- 
ciated displacements due to tunnel excavation were well with-in the permissible limit. The max- 
imum settlement predicted at ground surface due to underground station excavation was less 
than 3-4mm. With this range of settlement, it was ensured that there will be no adverse impact 
on the heritage structures and old buildings in vicinity due to station excavation. 


Unit 3c Basalt WG m L 


Unit 3d Basalt over box | F 
WGI&I ; 


m pillar width {Platform Tunnel 


Figure 3. FE-model of station box and conventionally driven platform tunnel with 3m rock pillar. 


There was not much issue from design point of view, but the real challenge was faced during 
construction of the Platform tunnel. As the rock at tunnel level was very hard (weathering 
grade - I & II), excavation demanded blasting to achieve the planned construction progress. 
Rock blasting raised a major concern of vibrational damage to the heritage/old buildings and 
thus control of ground vibration and noise has become a critical issue for work execution. 
Looking into the restrictions, control blasting was proposed as a solution. Several trial blasts 
were taken to derive correct blasting parameters using low strength explosives and large range 
of delay detonators. In addition, excavation was carried out by dividing tunnel face into head- 
ing & benching. Blast for heading was further divided in 3 parts in order to limit the vibration 
and noise on surface. With all the provisions made, blast peak particle velocity (PPV) was 
limited to < 2.54mm/s with no concerns which was a remarkable achievement. At present, exca- 
vation and permanent lining of the Platform tunnel has been successfully completed. 


3.2 UGC02 — Stretch from CST station to start of Mumbai Central station (Figure 1) 


All four underground stations of this package involve major conventional tunnelling works. 
Challenges faced during construction of these stations were mainly due to varying geology, inad- 
equate rock pillar between station box & platform tunnel and limited working space at ground 
level. In this stretch, it was prime important to ensure minimum disturbance to ground surface 
due to presence of important & dilapidated building and heritage structures. This section covers 
challenges that are faced during construction at Kalbadevi station (Figure 4). 

This station is built by combination of two small cut & cover boxes (K1 & K2) and a central 
cavern connecting two platform tunnels of 9.45m each, excavated by conventional tunnelling. 
The central cavern is connected with platform tunnels through 6m and 3m wide cross passages 
at regular interval as shown in (Figure 4). There are 10 connecting cross passages in this station. 
With such complex geometry of the tunnels and limited access, timely construction of this sta- 
tion was considered as one of the biggest challenges in this package. Proper sequencing of works 
and construction planning has a role to play to achieve the effective construction. 

As planned, TBM tunnels were driven through the station and excavation of Cut and Cover 
boxes K1 and K2, were carried out till base slab. TBM tunnels were later enlarged into plat- 
form tunnels by conventional tunnelling in top heading and benching sequence. Excavation of 
central cavern was carried out through cross passage from platform tunnels and station boxes. 
Bored tunnels were driven through Grade-I and II Basalt rock mainly. Geotechnical param- 
eters considered for tunnel design are presented in Table 2. 
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Figure 4. Layout of Kalbadevi station with connection between central cavern and platform tunnels. 


Table 2. Geotechnical design parameters for various type of strata at Kalbadevi station. 


Unit weight UCS for intact Modulus Ei Cohesion Angle of internal 
Geological Units [kN/m*] rock [MPa] [MPa] [MPa] friction [°] 
ALI 20 14.5 0 32 
AL2 20 27.5 0 35 
Basalt Gr V 20 49.5 528 0.066 54.18 
Basalt GrI& II 26 50 13880 1.11 67.6 


FEM analysis was carried out (as in Section 3.1) for design of underground station and con- 
struction sequence modeled in 5 major steps as shown above in Figure 4. The sequence of 
excavation are i) Step 1 -Excavation of TBM tunnels ii) Step 2- excavation of top heading of 
central cavern, iii) Step 3- enlargement of top heading of TBM tunnels section to platform 
tunnel section, iv) Step 4- benching of platform tunnels and v) Step 5 - benching of cavern 
section. As these tunnels were excavated in very good quality of rock, no significant deform- 
ations were foreseen around the tunnel excavation. The numerical analysis results presented 
the maximum surface settlement due to tunneling were around 6.5-7.0 mm. 

Despite of the prevailing good quality rock, the tunnels were excavated with sequentially, 
taking care of the large excavation size and of the critical, old and sensitive adjacent buildings. 
Excavation was done using controlled blasting accompanied with mechanical excavation to con- 
trol the disturbance at tunnel perimeter. Round length of 1.4m was adopted by removing one 
bored tunnel ring in one advance length to restrict vibration and associated settlement at surface. 

Another challenge recognized as crucial element during excavation was carrying out muck- 
ing and station building activities together with small K1 & K2 boxes resulting in very limited 
working space at Kalbadevi station. This issue was efficaciously resolved by arranging the 
mucking activity from CST station which is about 680m from Kalbadevi station end thus, cre- 
ating an additional construction face. This has helped significantly to reduce the construction 
time. At the time of writing of this paper, excavation work has been complete, and final lining 
of the tunnels are in progress. 


3.3. UGC07- End of CSIA station to Ramp at Array (refer Figure 1) 


Many challenges were faced in design and construction of Marol Naka station apart 
from availability of limited space with high-rise and depilated buildings in close vicinity 
of station This station comprises construction of two cut and cover boxes located 50.3m 
apart to avoid interference with the piers of existing MMLI viaduct. Due to limited 
availability of right of way on surface, station platforms are located inside 10.6m wide 
tunnels running parallel on either side of station boxes for length of 250m. The cut and 
cover station boxes are connected with 16 numbers of cross passages mainly to provide 
access for passengers and for carrying associated utilities to platform tunnel. 
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At this station, top 5m is covered with fill material followed by highly weathered rock mass 
of grade IV. Moderately weathered Breccia of Grade III with some weak rock patches were 
encountered at platform tunnel level along the alignment. The soil and rock parameters used 
for FEM modelling are given in below Table 3. 


Table 3. Geotechnical design parameters for various type of strata at Marol Naka station. 


Geological Unit weight UCS for intact Modulus Ei Cohesion Angle of internal 


Units [kN/m’] rock [MPa] [MPa] [MPa] friction [°] GSI mi 
Filled soil 17 9 0.010 24 
Clay 19 20 0.050 28 
Breccia IV 23.5 18 400 18 19 


Breccia II 23.5 25 1670 36 19 


Some challenges faced at Marol Naka Station are briefly described below. 

Challenge-1: In tender design, 2.7m wide clear rock pillar between cut and cover station box 
and platform tunnel was planned. Geological investigation prior to construction revealed that the 
rock mass likely to encounter in platform tunnel will be mixed ground with weak/weathered rock 
patches. With such weak geological setup of the area, it was anticipated that the rock pillar might 
get disturbed during tunnel construction attracting major risk of overall stability of the station 
box and over ground structures. Detailed analysis was carried out to derive safe pillar required to 
have platform tunnel running parallel to station box. With pillar width of 2.7m, study signifies 
overstressing and considerable rock mass yielding at cross passage locations and thus, it was 
decided to realign the tunnel alignment to accommodate safe pillar width of 4.5m between cut & 
cover station box and platform tunnels (Figure 5). 

Challenge-2: Marol Naka station alignment is passing below one of the busiest road junction 
and operational Mumbai Metro line 1 (MMLI, Elevated line; see Figure 6). Platform tunnels 
were planned to be excavated in close vicinity of viaduct pier sitting on pile foundations. Any 
impairment to this line was going to stops the metro Line 1 operations and was a major risk. 


Figure 5. Marol Naka station with increased pillar width and FEM model showing developed shear stain. 
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Figure 7. Platform tunnels and MMLI pile foundation configuration beneath Marol Naka junction. 


FEM analysis was carried out assuming the bridge stacks load and the piles modelled as 
“soil and interfaces” structural elements, with elastic properties. Excavation sequence in 
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numerical model was carried out assuming viaduct in place at first stage and the excavation of 
upline and down line tunnel followed by enlargement of TBM to Platform section. Sensitivity 
analysis has been carried out to study the effect of tunnel excavation on viaduct pile founda- 
tion and derive the rock support requirements to ensure safe tunneling operation. The tunnel 
alignment was traversing through Breccia-II and Breccia III however in design, tunnel has 
been considered in Breccia GII maintaining a conservative calculation. The settlement experi- 
enced at pier 272 is less than 1-2 mm, which is well within the permissible limit. 

Excavation of platform tunnels was carried out with utmost care using conventional tunnel- 
ling. Fore poling and pre-grouting were used to increase the standup time of the opening. 
Excavation of tunnel was carried out in stages (top heading, bench and invert) with 1.5-2.0m 
round lengths and limiting the construction vibration within acceptable limits. 

Real time monitoring (24x7) was proposed for MMLI- Viaduct in form of Tiltmeter and 
Vibration sensors to enable a safer and more accurate detection of effect due to activities 
around the structure or any other variations that may occur during the excavation of the 
Metro Line 3. Further, Surface settlement points monitored with precise leveling, Optical tar- 
gets and Building Settlement Markers are used for the dilapidated buildings close to excava- 
tion. Proper planning, precise design and good execution has helped to complete the 
conventionally driven tunnels successfully within in planned timeline. 


4 CONCLUSION 


Conventional tunneling in urban areas with shallow overburden carries great challenges. There is 
always a space constraint on ground surface in congested city like Mumbai and thus, such pro- 
jects are meant to utilize minimal possible space on ground with nominal construction obstruc- 
tion. This has been achieved in Mumbai Metro Line 3 by planning stations as combination of cut 
& cover and conventional tunnelling. Many challenges such as unfavorable geology, high ground 
water table, numerous underground utilities, heritage and sensitive structures, crossing at existing 
railways, metro line, flyovers and river crossing were encountered while conventional tunnelling, 
and these issues were dealt successfully by implementing robust and efficient engineering solution. 

This paper portrays an overview of the key challenges faced during the construction of tun- 
nels in urban environment. There were no standard solutions available to be followed and 
each individual case needed its own solution developed, designed considering governing 
parameters to derive a comprehensive design solution to make it as best fit for site condition. 
Tunnel induced ground movements are appraised by systematic approach and appropriate 
design which reflects the real in-situ ground and loading conditions. Uncertainties in ground 
strata is always a problem due to limited surface/ground accessibility for exploration. Conven- 
tional tunnelling has facilitated flexibility in such situation by assessing the outcomes of 
already excavated tunnel by proper and extensive instrumentation and monitoring, which was 
further used for support optimization. Numerical analysis has played an important role identi- 
fying the critical issues based on which proper care has been taken in planning of excavation 
sequences and during actual execution of the work. This approach has ensured to limit the 
surprises to great extent. In Mumbai Metro Line 3, 90-95% of conventional tunnelling is suc- 
cessfully completed by adopting sequential excavation, controlled blasting and proper con- 
struction activities planning. Healthy cooperation of all involved parties has led to prompt 
decisions, successful execution for the challenging works. Once complete, Mumbai Metro 
Line 3 will be recognized one of the best transport’s modes for this modern city. 
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ABSTRACT: The cavern construction technology governs many important aspects of design 
and design processes continue to the end of construction phase. The choice of reasonable exca- 
vation sequence and control blasting is one of the key techniques for construction of large 
underground powerhouse. 26.2m wide,57.3m high and 202.9m long cavern of 1000MW Tehri 
pumped storage project is under construction with top heading & benching method to accom- 
modate 04 reversible turbines of 250 MW each. Geology encountered was Fair to poor and lot 
of large openings where there, so excavation of cavern was very challenging, and special excava- 
tion techniques were used. Due to vicinity of underground cavern close to under operation 
cavern of 1000 MW Tehri HPP, control blasting techniques adopted to maintained design PPV 
and minimize over excavation of cavern with heading & benching. This paper presents selection 
of excavation sequence, control blasting techniques with heading & benching of powerhouse 
cavern for different ground condition, and continuous monitoring blasting performance and 
optimize blasting design to maintain designed PPV and retain designed Geometry of cavern. 


1 INTRODUCTION 


The construction of the Tehri PSP is under progress by THDCIL. which envisages large 
underground machine hall cavern size 26.2m (W) X57.3m (H) X202.9m (L) accommodate 
4-reversible pump turbine units, each possessing a 250 MW capacity. Interestingly, the under- 
ground Tehri PSP which is in the advance stage of construction is in the same hillocks as the 
Tehri Hydro Power Project (HPP). 

Large underground Cavern of Tehri PSP executed with Dill & Blast methods (DBM). It was 
anticipated that the blasting operation undertaken during excavation of PSP components may 
adversely affect safety of the hydro-mechanical installation of nearby HPP project. The under- 
operation Machine hall cavern of HPP Project is approx. 225m away from under construction 
PSP cavern. Therefore, it was important that the blasting operation be carried out in scientific 
manner and continuous vibration monitoring be carried out for the assessment of damage 
potential of blast induced ground vibration during excavation in underground cavern. 

Blasting operation was optimized taking into consideration proximity of various structures 
susceptible to damage, prevailing rock mass conditions and design rock mass support system. 
Optimization of drilling and blasting practices in PSP project is carried out using emulsion 
explosives and non-electric initiation system. An emulsion explosive is better product in 
respect of safety quality and productivity as compared to slurry explosives. During optimiza- 
tion of the blast design, maximum charge per delay plays a great role in vibration control. 

During initial field investigation a comprehensive data base of vibration is generated, and 
model of the vibration attenuation characteristics was evolved. Maximum charge per delay is 
fixed for each blasting pattern as per the distance and rock mass condition. 
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2 GEOLOGICAL SETUP 


Project site is within the Lesser Himalaya which lies tectonically between the Main Central 
Thrust (MCT) and the Main Boundary Thrust (MBT) respectively. The former separates 
Meta Sedimentary sequence of Lesser Himalaya to the north from Crystalline rocks of Higher 
Himalaya, and latter disjoin the lesser Himalayan sequence from molasses sediments of 
Frontal Fold Belt (FFB), in the south. Phyllites of Chandpur formation of Jaunsar group and 
Quartzites and Meta basics of Garhwal group are exposed along the project. 


Upstream Surge Chambers 


Power House 


Downstream Surge Chambers 


Figure 1. Arrangement of Powerhouse Cavern. 


Rock units are part of the low-grade metamorphic rock that has been thrusted, folded, and 
deformed. There are two main tectono-stratigraphic units: the Krol Super Group and the 
Gharwal Group (R. Shankar et.al.1989). This former Super Group is subdivided into the 
Jaunsar Group and Krol Group. Jaunsar Group is found at the Tehri site and includes quart- 
zites and phyllites in varying proportions that have undergone various phases of deformation 
leading to development of numerous tectonic dislocations, sheared zones, seams and joints of 
different scales and categories. 


Figure 2. Geological Model of Powerhouse cavern. 
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Type of lithology categorized in the Tehri site have been classified by Geological Survey of 
India The nomenclature has been based on variable proportions and quality of quartzite and 
Phyllite include: PQM —Phyllitic Quartzite Massive; PQT — Phyllitic Quartzite Thinly Bedded; 
QP — Quartzitic Phyllite; SP — Sheared/Shattered Phyllite. 


Figure 3. Powerhouse Cavern (26.2m (Width) X57.3m (Height) X202.9m (Length). 


PQM and PQT are more quartzite (arenaceous) and rarely micaceous in composition and 
are coarser in grain size. QP is more are no argillaceous in composition, fine grained and dark 
coloured. SP comprises of argillaceous and deformed variants of PQM and PQT rock, formed 
in sheared zone area which has weak rock mass characteristics. The following Geotechnical 
Parameters adopted in design analysis of Cavern, 


Disturbance Factor, D=0 Disturbance factor, D=0.3 
PQM+ PQT+ PQT+ PQM+ PQT+ PQT+ 


Units PQT PQM SP PQT PQM SP 
Uni-axial Compressive UCS MPa 48 40 25 48 40 25 
Strength 
Geological Strength GSI 53 40 25 53 40 25 
Index 
mi mi 10 10 10 10 10 10 
Mp Mp 1.866 1.173 0.687 1.388 0.804 0.428 
s s 0.003 0.0013 0.0002 0.0054 0.0006 0.0001 
a a 0.505 0.511 0.531 0.505 0.511 0.531 
Elastic Young’s Eri GPa 7 5.5 4 7 5.5 4 
Modulus of 
Rock Mass 
Poisson’s Ratio v 0.22 0.22 0.25 0.22 0.22 0.25 
Cohesion c MPa 1.5 0.9 0.5 1.3 0.8 0.4 
Friction Angle ® Deg 38 36 27 36 32 23 
Tensile Strength MPa 0.139 0.43 0.009 0.104 0.030 0.023 
Density Density Kg/m? 2700 2700 2700 2700 2700 2700 
Kph Ky 0.9 0.9 0.9 0.9 0.9 0.9 
Ky Ky 1.2 1.2 1.2 1.2 1.2 1.2 
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3 EXCAVATION METHODOLOGY OF CAVERN 


The Excavation of Powerhouse cavern proposed with construction of Pilot tunnel (central 
gullet) at top of cavern, including side slashing and various stages of benching. The top head- 
ing planned with pilot tunnel using tunnelling techniques. This gives easy access to the cavern 
roof for installing support works. The supported roof gives safe working condition for the 
excavation of the lower levels of the cavern. The lower levels excavated using benching 
techniques. 

The size of top heading finalized based on several factors and divided into three section 
including pilot tunnel, left -side slashing and right-side slashing. These three sections of top 
heading finalized based on the following factors, 


i. Reach of drilling jumbo 

ii. Rock Quality 

iii. The area of unsupported roof that can be exposed at any one time 

iv. The presence of weak rock zone which limits the area of unsupported excavation face 
because of instability 

v. Limitation on the quantity of explosive discharged in a round given by blast vibration 
acceptance criteria 

vi. Practical depth of blast holes, which is 3 to 4m depending on the cross- sectional area of 
top heading. 


Figure 4. Top heading CENTRAL GULLET blast design & Firing sequence. 


Considering all these above factors 5m diameter pilot tunnels (central gullet) with 3m pull 
length and two part of side slashing with 3m pull length adopted for top heading of cavern. 

For excavating the roof vault, a central gullet was excavated first along the entire length of 
the powerhouse cavity and in line with the 5m D-shaped Adit. The central gullet was 6m wide 
with roof having same profile as that of powerhouse cavity. In order to accommodate the 
length of rock bolts, the height of central gullet kept as 5m. The central gullet excavated full 
face by drilling and blasting method. The drilling done by 2-boom Hydraulic jumbo (Boomer) 
and the mucking of the excavated material was done by a combination of dozer, loader and 
dumpers. For smooth excavated surface and least disturbance to surrounding rock mass, per- 
iphery holes at a closer spacing of 500mm provided. 

Benching excavation generally carry out with vertical drillholes as in a quarrying operation, 
or with horizontal drillholes. Vertical drill holes adopted for benching operation as the drilling 
of holes is then independent of other sections of the excavation cycles except during blasting 
and ventilation. The holes drilled with crawler mounted drilling rigs. The cavern excavation 
divided into two parts and in benches of suitable height. 
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Figure 5. Heading & Benching of Cavern. 


The height of benches finalised based on following factors, 


i. Access, mucking can be possible through tunnels located at suitable levels. 
ii. Blast hole deviation, the longer holes will be chances of greater deviation. 
iii. Stability of walls, cavern wall can be unstable if too high, and successive bench excavation 
and support can be required. 
iv. Cost effective construction, optimization of the excavation cycles. 
v. Limitation on the quantity of explosive discharged in a round given by blast vibration 
acceptance criteria 


RD 149.9 


EL 610.2 


Figure 6. Excavation sequences of Cavern Benching. 


4 BLAST DESIGN 


All blasting operation causes vibrations which are transmitted to the environs. If sufficiently 
strong, these vibrations can cause damage to structures and equipment, the vibration that can be 
accepted may limit the size of the blast or necessitate vibration mitigation blast design. The rock 
which forms the final surface of the excavation can be damaged if design or execution is unsuit- 
able. As PSP Cavern is close to already operational Tehri HEP power- house cavern, so it was 
very crucial to design economical and safe blasting without disturbing operational powerhouse. 

Vibrations are measured in operational powerhouse cavern using vibrographs for designed 
peak particle velocity. And accordingly, size of each blast designed based on accepted peak 
particle velocity criteria. 
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Figure 7. Blast design for Top heading- Right -side & Left-side slashing. 

The objectives of blast design is to break the rock, leaving the smoothest possible rock 
walls, with minimal overbreak and damage to the surrounding rocks. Parallel- hole cut 
method adopted for excavation of Pilot tunnel of top heading of cavern, the cut holes blasted 
first with heavy charged and create the free face for rest of the blast. 

Blast holes break the bulk of the rock. Contour holes, on the edge of the blast, define the 
excavation perimeter and limit the overbreak and damage to the surrounding rock. 


Table 1. Blast design of Side Slashing of Top Heading. 

1 Hole Dia (D) 45mm 4 Drilling Length 2m 

2 Excavation Area 68.331m? 5 Cartridge ength(1) 30cm 

3 Wight of Cartridge (w) 0.39 kg 6 Cartridge Dia (d) 40mm 

Hole Cartridge Cartage Used Explosive Used 

Sr No Delay Series Nos. Hole (No.) (No.) (Kg.) 

1 I 9 3 21 10.530 

2 II 10 3 30 11.700 

3 MI 12 3 36 14.040 

4 IV 9 3 27 10.530 

5 V 9 3 27 10.530 

6 VI 7 3 21 8.190 

7 VII 7 3 21 8.190 

8 Vill 10 3 30 11.700 

9 Ix 7 3 21 8.190 

10 X 21 3 63 24.570 
Total 101 3 303 118.170 


Burden = 0.75 to 0.85 m 

Distance between Charged Hole= 0.95 to 1.0 m 
Expected volume of blasted muck = 136.662Cum 
Total explosive Consumption (E)=118.17Kg 
Nos. of Detonators (N)=101nos 

Powder Factor (PF)=0.865kg/cum 


For Pilot Tunnel 4m long Rock bolts and one layer of shotcrete used as support system, and 
before the benching of cavern entire pilot tunnel supported with designed support system. 8 to 
12m long rock bolts and 200mm thick steel fiber reinforced shotcrete as final lining used for sup- 
port system of Benching of cavern. Each excavated bench supported with designed support system 
before excavation of next benching. For crane beam of cavern 150T capacity Cable anchors used. 


5 BLAST VIBRATION MONITORING 

As per DGMS Criterion. The permissible level of peak particle velocity corresponding to vibra- 
tion having principal frequency greater than 50 Hz is 50mm/s for RCC and Industrial struc- 
tures. As per Project Employer requirement permissible peak particle velocity (PPV) in mm/s 
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for structures containing electro-mechanical equipment is 20mm/s irrespective of the frequency, 
so 20mm/sec PPV adopted in blast vibration monitoring during excavation of Cavern. 

Dedicated blasting monitoring team CIMFR deputed at site for independently monitored 
various blasting operation and recorded blast induced ground vibration at different locations 
using advanced seismograph supplied by CIMFR Roorkee. Three sets of engineering seismo- 
graphs are deployed for monitoring of the blast induced ground vibration. CIMFR deployed 
one Mini Mate Plus seismographs which is an advanced engineering seismograph with low 
trigger level (0.125-254mm/s) and higher range of the recording capability. All the equipment 
used of monitoring consist of a micro-processor-based logger, tri-axial geophone and a mic 
with 1.5 m three-piece stand. These instruments are manufactured by Instantel Canada. 

CIMFR team have continuously supervised and recorded blasting operation at THDC PSP 
site during this reporting period. More than 100 blast events have been supervised and moni- 
tored for blast induce ground vibration at various critical locations. Major rock excavation 
during this reporting period have been carried out in powerhouse Cavern. 

Fast furrier Transform (FFT) analysis of the observed data reveals that the principal frequency 
of blast vibration is greater than 50 HZ in majority of the cases. As per project Permissible Peak 
Particle Velocity (PPV) in mm/s for structures containing electro-mechanical equipment is 20 mm/ 
s irrespective of the frequency. As per DGMS criterion, RCC building may sustain vibration upto 
50mm/s having dominant frequency more than 50Hz. In light of above discussion, all the blasting 
operation has been optimized to ensure peak particle velocity level to be less than 20 mm/s. 
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Figure 8. Blast vibration Monitoring Equipment. 


Analysis of the observed vibration data reveals minimum and maximum value of Peak Particle 
Velocity observed during this period is 0.648 and 19.98 mm/s. Majority of the observed vibration 
data remained less than 5.0 mm/s. All the blasts were carried out using controlled blasting, add- 
itional line of line drilling and multi-drifting. This has successfully helped in blast induced ground 
vibration and all the values are found to be well within the recommended safe limit. 


Figure 9. Blast vibration Monitoring at Powerhouse cavern. 
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Blast design for excavation of various critical structures has been carried out by conducting 
trial blast. The blast design parameters are optimized based on the results of the trial blast 
with due consideration to proximity of the critical structures. 


5 CONCLUSION 


Excavation of large underground cavern of Tehri Pumped Storage project (PSP) was most 
crucial considering safety and stability of nearby operational cavern of Tehri HEP, and appli- 
cation of proper execution and design of controlled blasting led to successful completion of 
cavern excavation. The following measures adopted at site for successful excavation of cavern. 


e Due to complex Geology of powerhouse cavern, multiple opening at different levels and 
vicinity of cavern close to operation powerhouse, the ramp was divided in two part of 
cavern width. The turbine pits were also excavated in multiple stages in a controlled way. 

e For stability of large underground openings, controlled blasting alone was not an effective 
solution. Timely installation of designed support system around the excavation face was 
equally important to prevent rock mass from deteriorating. 

e Besides vibration monitoring, the impact of blasts on the roofs and walls of large under- 
ground openings were evaluated by instrumentation. As per instrumentation monitoring 
data it was found that the measured ground vibration was within safe limit and no adverse 
effects were noticed in the powerhouse walls and roof. Multipoint bore hole extensimeter 
data indicated insignificant movement in the walls of cavern. 

e The line drilling and smooth blasting adopted to maintain designed excavation line of 
cavern walls, the overbreak in some section was due to unfavourable Geology and small 
planar and wedge failures. 

¢ The charge concentrations in the drill hole close to wall of cavern was adjusted so that the 
damage zone from each hole coincides with the expected excavation limit. 

e Analysis of the observed vibration data reveals that minimum and maximum value of peak 
particle velocity observed during this period is 0.648 and 19.98 mm/s respectively. Majority 
of the observed vibration data remained less than 5.0 mm/s. All the blasts were carried out 
using controlled blasting with additional line of line drilling and multi-drifting. This has 
successfully helped in blast induced ground vibration and all the values are found to be well 
within the recommended safe limit. 

e After analysis of 133 blast records, site specific attenuation characteristics of blast induced 
vibration have been suggested. The prediction model also be used for calculation and to 
determine the safe maximum charge per delay (MCD) in blast design so that the Peak Par- 
ticle Velocity (PPV) remained less than the permissible limits. 
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ABSTRACT: The technological innovation in underground structures instigates complex, 
economical, and efficient structures like powerhouse caverns, stations, tunnels, subways, 
metros, and many more. The complexity in these structures increases with the addition of 
intersections. These intersections can be horizontal, vertical, or inclined, subjected to stress 
concentrations, requiring special design considerations. The requirement of an extra support 
system is dependent on the rock mass properties, cavities dimensions, intersection angles, 
overburden, and in-situ stress conditions. The present study aims at assessing the effect of 
variable depth and in-situ stresses on various angles of tunnel intersections under similar rock 
mass conditions. Thirty-nine cases are analyzed to evaluate the variation in stress and deform- 
ation due to changes in the three input parameters: depth, in-situ stress, and intersection 
angles. FLAC3D, a finite-difference method-based numerical software, is used for the ana- 
lysis. Thirty-six cases were evaluated by varying the in-situ stress ratio from 0.5 to 3, overbur- 
den from 100 m to 1500 m at intersection angles of 90°, 60°, and 30°. The results show that 
the 30° intersection is most critical. An increase in the in-situ stress and overburden results in 
a considerable increase in deformation. The values of the strength-stress ratio show the poten- 
tial squeezing condition primarily for 30° intersection and high overburden.An analysis of ver- 
tical intersection to account for stress conditions at shaft intersections was performed. The 
results show that edges of vertical and horizontal junctions demand longer inclined bolts and 
support. The addition of vertical intersection with the multiple in-plane intersections proves to 
be most critical. The effect of parallel tunnels and their intersection showed a minimum of 2.5 
times the diameter between the tunnels as a clear distance is required to avoid overlapping the 
plastic zone. The application of three-dimensional numerical analysis is assessed for two inter- 
sections of cross passage and adit for the T-48 tunnel project in the Himalayas. The results 
showed the intersections to be stable with extra support. However, the comparison of results 
with monitoring data did not provide sufficient information due to errors in the positioning of 
instruments. Still, overall the analysis showed that the rock mass parameters considered are 
conservative for the tunnel design. However, the necessity for a 3-D analysis for stability 
assessment and an extra support system at intersections is required. 
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1 INTRODUCTION AND BACKGROUND 


The advancement in underground structures involves designing complex and efficient struc- 
tures like caverns, tunnels, and underground stations. Over the past decades, having the 
advantage of being efficient and environment friendly, a significant increase in the tunneling 
infrastructure was observed. These tunnels have various shapes and sizes, with underground 
stations and caverns and multiple complex intersections. The complexities of tunnel intersec- 
tions are mainly due to stress accumulation at these locations, leading to increased instability 
(Gercek, 1986). The intersection zone implied a three-dimensional (3-D) configuration of the 
stresses. Deviations of stresses are induced in the ground when a tunnel is excavated. At inter- 
section points, the stress deviations interfere (or interact), resulting in high-stress concentra- 
tions and expansion of unstable zones (Liu et al., 2008). The zone of influence varies from 1 to 
3 times the tunnel diameter as the intersection angle changes from acute to 900o, respectively 
(Gercek, 1986, Tsuchiyama et al.,1988, Liu et al., 2008)). Haiso et al. (2009) discussed the 
extent of increase in the roof settlement at various angles of intersection and found that acute 
angles have maximum roof settlement that decreases with an increase in the angle of intersec- 
tion. Lin et al. (2019) studied the settlement profile of the existing tunnel due to the excavation 
of the new tunnel and found that the maximum influence is at an intersection angle of 30°. Li 
et al. (2016) found a 28% increase in the crown settlement near the intersections with a much 
larger plastic zone on the sidewall and crown. Barton (1974) recommended modification in 
the Q-value calculation and suggested the joint number (Jn) be directly multiplied by three, 
and the excavation support ratio (ESR) value is set to 1.0 for intersection analysis. Mandal 
et al. (2013) and Li et al. (2016) recommended extra support with longer bolts and local thick- 
ening of supporting structures to exceed the plastic zone and possible tensile and compressive 
failures at intersections further and extending them until 5 m from the tunnel face. Qinghua 
et al. (2014) analyzed a multi-tunnel intersection and suggested the erection of a thick column 
to stabilize the acute angle intersection in the tunnel. Nonomura et al. (2004) studied the inter- 
section of main and access tunnels at an acute angle and found steel supports to be the most 
effective support measure. 

The 3-dimensional (3-D) intersection analysis is necessary for better accuracy, enhanced 
visualization, and improved efficiency in setting out for construction (Lam et al., 2003). Lam 
et al. (2003) and Wang et al. (2007) proposed 3-D analysis for tunnel intersections using the 
finite element method (FEM). According to Wang et al. (2007), for 90° intersections, the total 
load at the crown equals the square root of the sum of individual two-dimensional loading on 
respective tunnels. Hsiao et al. (2009) performed a 3-D numerical simulation for 75 cases 
wherein variation was made on rock strength, overburden depth, and intersection angle. It 
was found that the strength-stress ratio is critical to determine the possible squeezing ground 
near the intersection area. The analysis, however, does not consider the intersection from the 
third plane of reference that is often seen in shaft construction. Gharouni-Nik and Farahani 
(2016) studied Y-shaped intersection of penstock tunnel of Rudbar dam at 60°, 75°, and 90° 
using 3-D numerical models and recommended extra support and its extent for 60° angle. 

The present study aims to establish the effect of overburden and in-situ stress conditions on 
various angles of intersection of tunnels and finally apply the approach for the actual project 
area using 3-D numerical models. 


2 METHODOLOGY FOR SENSITIVITY ANALYSIS 


The effect of intersections of tunnels is assessed using a 3-D numerical analysis. A finite- 
difference method-based numerical software, FLAC3D, developed by Itasca, is used. Rock mass 
properties were taken from the T-48 tunnel project along the Udhampur-Srinagar-Baramulla 
Railway Line (USBRL) in the Himalayas in India. In total, 39 cases of tunnel intersections were 
considered as shown in Table 1. 36 cases were formulated with intersections at 30°, 60°, and 90° 
and overburden of 100 m, 500 m, and 1500 m with four different in-situ stress conditions (kp = 
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0.5, 1.0, 2.0, 3.0). A 500 m long main tunnel was considered with 250 m of auxiliary tunnel 
intersecting at various angles for the analysis. The main tunnel and auxiliary tunnel diameter are 
9 m and 8 m, respectively. All the last three cases (case number 37 to 39) consider isotropic in- 
situ stress (kg = 1) with an overburden of 250 m. Vertical and combined multiple intersections 
were analyzed (Table 1) as observed in many tunnel and hydropower projects like the Sedrun 
portal of the Gotthard railway tunnel (Fabbri, 2004). For case 37, an 8 m diameter vertical 
shaft connects a 9 m diameter tunnel. These shaft connections are used as a surge shaft and for 
muck haulage and ventilation during construction. For case 38 (multiple crossings), two tunnels 
of 9 m diameter intersect the third tunnel of 8 m diameter on the same plane, making 120° 
inclination angle amongst each other (Table 1). A vertical tunnel of 8 m diameter is also con- 
structed at the intersection point at the end. This scenario is often seen in hydro tunnel projects 
where a pressure shaft or surge tunnel intersects the headrace and flushing tunnel. The last case 
(case 39) was analyzed to assess the effect of distance on two parallel tunnels and their intersec- 
tion with an adit. The distance between the two tunnels from their centreline is kept as 
25 m with a clear distance of 18 m. The main tunnel and the adit are 9 m, while the escape 
tunnel is 8 m in diameter (Table 1). The deformations obtained from these analyses are assessed, 
and an interpretation is made based on the variables mentioned in Table 1. 

The study enters into more details evaluating the real case scenario of the T-48 tunnel pro- 
ject. The two adit junctions are analyzed, and the results are compared with monitoring data. 
The details of the project are taken from reports by Kashyap and Panciera (2012), Khetwal 
et al. (2016), and Khetwal et al. (2013). 


Table 1. Cases of tunnel intersection analysis. 


Case Overburden 
No. ko (m) Intersection angle Remarks 
1-36 1,2, 100,500 30°, 60°, 90° For each intersection angle, the overburden and ko 
3,0.5 and 1500 values were considered for the analysis 
E) AF enctination 
37 1.0 250 Vertical 
38 1.0 250 Multiple 
39 1.0 250 Two parallel tunnels 


with an intersection 


3 SENSITIVITY ANALYSIS RESULTS AND DISCUSSION 


The analysis was performed using FLAC3D, where a larger main tunnel of 9 m diameter is con- 
structed first, followed by the intersections at various angles. In vertical intersections, the verti- 
cal tunnels are built at the end. Evaluating cases 1-36 shows that the deformation increases with 
overburden, as seen in Figure 1. The 30° intersection angle shows maximum sensitivity with 
deformation values ranging from 0.35 m for kp = 0.5 to 1.4 m for kp = 3.0 at the intersection 
point for 1500 m overburden. A sudden increase in the deformation is seen as the distance goes 
below 5 m from the intersection point as higher stress accumulation due to the distribution of 
the two tunnels near the intersection point that becomes more segregated as one goes away 
from it. For 500 m overburden, the variation in the value is in the range of 0.1 m which further 
reduces for 100 m overburden. However, out of 36 cases, for 90° inclination, maximum deform- 
ation is 0.4 m for kg = 3.0, indicating it to be the most stable intersection angle irrespective of 
variation in depth. A 70% increase in the deformation is seen due to the variation with in-situ 
stress conditions when kg increases from 1.0 to 3.0. For 100 m overburden, the deformation 
increases for kọ = 0.5 compared to the isotropic stress state. However, with an increase in over- 
burden, the deformation is reduced, showing the effect of overburden being more prominent. It 
is observed that, in general, the in-situ stress condition determines the percentage variation of 
deformation with distance from the intersection point. 

Variation of strength-stress ratio with an increase in distance from the intersection shows 
a significant reduction as the distance from intersection goes below 5 m. This reduction below 
1.0 denotes that the strength of the rock mass is not enough to sustain the stress accumulation 
near the intersection area. Therefore, there is a need to have an extra support system, as sug- 
gested by Hsiao et al. (2009). After a distance of 5 m from the intersection, the strength stress 
ratio becomes uniform, and hence the requirement of extra support diminishes. 

The maximum displacement of 17 mm and 15 mm was observed around the edges of the 
vertical and sidewalls intersections. The results of multiple intersections (case 38) show that 
adding a vertical shaft with the Y-shaped in-plane intersection increases the deformation from 
19 mm to 26 mm. The plastic radius grows to more than three times the diameter of the verti- 
cal tunnel. The overlap of the stresses and the combined plastic radius diminishes with the 
increasing distance between the tunnels. 

Case 39, has parallel tunnels with an intersection. The results depict the maximum deform- 
ation to be 14 mm at the junction of the adit with the main tunnel. The overlap of the plastic 
radius between the two parallel tunnels is seen at a 5 m distance from the intersection. This 
analysis confirms that extra support is required at least 5 m away from the intersection, as 
Mandel et al. (2013) proposed. However, the extension of support increases at a different 
inclination in the intersection, as per case 38. 


4 APPLICATION OF THE 3D ANALYSIS ON THE INTERSECTION OF THE T-48 
PROJECT 


The application of 3-D analysis on a project was assessed for the T-48 tunnel project in the 
Himalayas in India. Tunnel T-48 is a 10.2 km long railway tunnel with a maximum overbur- 
den of 1150 m. The project comprises a horseshoe-shaped main tunnel, and a parallel escape 
tunnel with an excavation radius of 4.2 m and 2.2 m. 26 cross passages connect the two tun- 
nels. The tunnel also has two adits of 9 m diameter (Figure 2). The project lies in the Ramban 
formation, mainly comprising carbonaceous and quarzitic phyllite (Panciera (2019), Kashyap 
and Panciera (2012)). The bedrock characteristics are grey to dark grey, highly weathered, 
foliated, folded, and sheared rock with quarzitic bands. The quarzitic phyllite is strongly foli- 
ated compared with phyllite, which has a massive nature portraying itself as a metamorphic 
product of original homogeneous sandy-siltstones. The details of the rock mass properties are 
given in Table 2 (Kashyap and Panciera (2012) and Khetwal et al. (2013)). The tunnels are 
excavated using the drill and blast method, and the support measures are designed according 
to the observational method, applying Eurocodes and Swiss codes. However, the real-time 
monitoring data showed lesser convergence than expected, and hence overall, a better rock 
mass condition is found (Panciera, 2019). 
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Figure 1. Effect of overburden (Case 1-36). 


The rock mass properties for the 39 sensitivity analysis were taken from the T-48 project, as 
given in Table 2. The intersection of two adits is analyzed, and a comparison is made using 
the actual field monitoring data. 


TA 
Ae) a 


Figure 2. Plan view of tunnel T-48 (Panciera, 2019). 
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Table 2. Rockmass properties. 


Parameters Average Values 
Rockmass density 26 kN/m? 
Elastic modulus of rockmass 2.01 GPa 
Shear Modulus of rockmass 1.54 GPa 
Cohesion 1000 kPa 
Friction Angle 32° 

Rockmass strength 30 MPa 


The intersection of adit 1 and one of the cross-passage (Figure 3) was analyzed. The escape 
tunnel is excavated first, followed by the main tunnel, and the intersection is excavated for the 
cross passage model. For adit intersection, a construction sequence of 3 m is considered. The 
adit is constructed first, followed by the main tunnel, then the turning bay, the escape tunnel, 
and finally the extension of the main tunnel as shown in Figure 3 and described as phases in 
Table 3. The in-situ stress condition in both cases is kept as equal to 1.0. 

The analysis of the cross passage intersection (Figure 4) shows that the maximum displace- 
ment is around 0.18 m while the minimum strength-stress ratio is 0.38 presenting the necessity 
of extra support around this area. The monitoring data was used for comparison, and no sig- 
nificant convergence was observed. This might be attributed to the fact that the monitoring 
instruments were installed 25 m away from the face and could not capture the actual conver- 
gence occurring at the face. 


a) Cross Passage intersection b) Adit intersection 


Figure 3. Typical intersection of cross passage FLAC3D. 


Table 3. Excavation phase of adit intersection. 


Phase no. Excavation phase 

I Excavation of adit till monitoring point 
Ul Full excavation of adit 

Ill Excavation of turning bay 

IV Excavation of main tunnel 1 

V Excavation of escape tunnel 

VI Excavation of main tunnel 2 
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Figure 4. Strength-stress ratio and displacement with the increase in distance. 


5 CONCLUSION 


The analysis of tunnel intersection is essential as the stress distribution around the cavity is not 
similar to the single tunnel being excavated in this area. 3-D analyses of the intersections provide 
a better understanding of the stress distribution and the extent of the influence with increasing 
distance from the intersection point. The effect of various intersections is assessed by analyzing 
39 cases wherein overburden, intersection angles, and in-situ stress conditions were set as vari- 
ables. Case 1-36 shows that the 30° intersection angle has maximum deformation compared 
with 60° and 90° intersections in the horizontal plane. The effect of the overburden and the in- 
situ. stresses was prominent, especially when the overburden increases from 500 m to 
1500 m and kO varied from 0.5 to 3.0 as the squeezing condition became more noticeable with 
increasing overburden and in-situ stress conditions. 90° intersection is the most stable intersec- 
tion angle for all the cases. The strength-stress ratio was checked for all the cases to understand 
the need for extra support at the intersection locations. Vertical and multiple intersections were 
also analyzed, and it was observed that the vertical intersection is more critical than in-plane 
intersections. Case 39 showed the effect of the parallel tunnel and its intersection. It was seen 
that a clear distance of two-times diameter of the larger tunnel was sufficient to not allow for 
any overlap of stresses and plastic zone. The intersection of these tunnels results in stress concen- 
tration that diminishes as the distance from the intersection increases to 25 m. Therefore, the 39 
cases show the significance of a three-dimensional analysis for intersections and proper design of 
these locations to avoid any significant collapse or requirement of very heavy support systems. 

Further application of the study methodology on the cross-passage and adit intersection for 
the T-48 tunnel project shows that stress distribution and the deformations around the cavities 
are essential to have a stable tunnel system. The deformation analysis due to intersections in 
the nearby area shows an overall increase in deformation and plastic radius. This study 
showed that an extra support system is required at the intersection locations and far away 
from it, depending on the extent of tunnel opening and rock mass parameters. Comparing the 
results with monitoring data did not give any concrete information as the monitoring instru- 
ments were installed 25 m away from the excavation face, and therefore more stable and uni- 
form ground was observed from the monitoring data. The significance of a suitable and 
suitably implemented monitoring system, including multi-rod extensometers, installed at the 
nearest possible point to the first excavation face and increased as soon as new nearby faces 
open around the intersection is paramount for improving the significance of this study. 

The present study was based on the rock mass parameters obtained from the T-48 project, 
and the results might change with the change in the rock mass conditions. Nevertheless, 
through this study, an interpretation was possible regarding the intersection angle’s effect and 
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the overburden and in-situ stress ratios. It can be ascertained that 3-D analysis of tunnel inter- 
sections can help determine its efficient design. 
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Face stability of tunnels under the groundwater level: Comparison 
of existing theories and introduction of a new analytical method 
calibrated on 3D FEM calculations 


D. L’Amante & G. Fantauzzi 


Systra, France 


ABSTRACT: The stability of the excavation face is one of the main aspects to be studied 
during the design of tunnels. The excavation at tunnel face causes a change in the existing stres- 
ses of the ground, that tent to find a new equilibrium state, transferring the forces to the sur- 
rounding ground through a 3D arching effect. The collapse of the tunnel face can occur if the 
strength of the ground is not compatible with the new stress state, creating risks for workers 
and equipment in the tunnels and for people and structures above the ground (in the case of 
shallow tunnels). The failure mechanisms acting at the tunnel face are not yet fully understood 
as published analytical formulations give sometimes diverging conclusions. The present paper 
tries to shed light on the problem of the face stability. After a review of some widely used exist- 
ing analytical methods, the results of parametric studies using 3D finite element method calcula- 
tions are presented from which a new analytical approach applicable for tunnel under the 
groundwater level is derived. The case of conventionally excavated tunnels (without the applica- 
tion of face pressure or reinforcements at the face) is considered in the present paper. 


1 INTRODUCTION 


The failure mechanisms at the tunnel face are not yet fully understood as published analytical 
formulations give sometimes diverging conclusions. The face stability of a tunnel is therefore 
a subject worth being better investigated and understood. 

This paper tries to shed light on the problem of the face stability of tunnels. Parametric 3D 
finite element analyses have been carried out for the case of conventionally excavated tunnels 
(without face support) whereby a new analytical approach is derived. 

The tunnel face stability depends on the main factors listed below whose effects will be 
investigates in the FEM calculations: 


e Geotechnical conditions: ground strength, coefficient of at-rest earth pressure, bulk weight, 
ground dilatancy. The ground stiffness plays a minor role on the failure mechanisms and it 
will not be investigated. 

e Presence of water: seepage forces highly decrease the stability of the tunnel face. 

e Geometry of the excavation: shape of the excavation (height and width if polycentric; diam- 
eter if circular); unsupported length; depth of the tunnel. 

e Ground treatments or drainages. 


2 EXISTING THEORIES AND METHODS 


Several approaches have been proposed by researchers and professional engineers (Qarmout, 
2019) and can be used for the assessment of the face stability of tunnels at the design stage. 
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They can be divided into three main categories: analytical methods (based on limit equilib- 
rium method or limit analysis method), numerical methods (based on FEM or FDM), mixed 
methods (analytical methods based on numerical methods). An overview of the main methods 
is reported hereafter. 

The Limit Equilibrium Method (LEM) is one of the most widely used methods to assess sta- 
bility conditions in geotechnical problems: for an identified collapse mechanism, it applies the 
equations of static equilibrium between the acting and the resisting forces on the soil mass. 

Many different models based on LEM are available in the literature, the most commons are 
based on the wedge-silo model, for which several formulations are available with different hypoth- 
eses: Horn (1961, see Figure 1), Liu et al. (2019), Chen et al. (2015), Cornejo-Tamez (1989). 
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Figure 1. 3D limit equilibrium model (a) Horn’s failure mechanism (b) Forces acting on the wedge 
(c) A strip of soil in arching silo (Qarmout et Al. 2022). 


The Limit Analysis Method applies the limit analysis theorem to the problem of face stabil- 
ity, this method is valid for rigid-perfectly-plastic material with an associated plastic flow rule 
(dilatancy angle equal to friction angle). 

Leca & Dormieux (1990) proposed a model based on the upper bound solution for purely 
frictional materials, considering a conical (or bi-conical) failure mechanism, while Carranza 
(2004) proposed a lower bound method for the tunnel face stability based on Caquot’ solution. 

Numerical Methods such as the Finite Element Method (FEM) or the Finite difference 
Method (FDM) can be used to assess the face stability. These are well validated methods, 
requiring specific software, that can be used to study most of the geotechnical problems, 
including the tunnel face stability. The main advantage of such methods is the reliability and 
the flexibility (possibility to study the real condition for geometry, ground material behav- 
ior, construction phases, and so on). However, the calculations need to be 3D analyses to 
get reliable results which are cumbersome to implement and time-consuming. 

Concerning the analytical methods based on numerical methods, the formulation proposed 
by Vermeer (2002) is one of the most commonly used for cohesive frictional tunnels. 

The above-mentioned methods can be further divided on the base of the results that they 
give: some of them calculate the global Safety Factor (SF) of the excavation, others give the 
required face pressure to avoid the collapse of the face, others give the required face bolts to 
avoid the collapse of the face. 

In the following, several calculations will be done using the above-mentioned theories and 
the resulting safety factors will be compared with those obtained from FEM calculations and 
those obtained from the new analytical formulation proposed in this paper. 


3 FEM CALCULATIONS 


Several 3D FEM calculations using Plaxis 3D have been carried out to better understand fail- 
ure mechanisms at the tunnel face. 
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A preliminary study on mesh dimensions has been carried out in order to have not mesh- 
dependent results and a relatively fast calculation. Local refinement of the mesh has been 
applied in the ground volume closest to the tunnel face (see Figure 2). 

The following assumptions have been made for the calculations: 


e Circular tunnel, 

* Homogeneous ground, 

e Elastic-perfectly plastic ground behavior (Mohr-Coulomb resistance criteria), 
e Elastic behavior of the tunnel lining. 


A simplified construction procedure has been considered: 


1. Initialization of the soil stresses using a KO procedure. 
2. Simultaneously excavate tunnel and install lining. 
3. Factor of safety calculation (using the phi-c reduction method). 


Figure 2. 3D finite element mesh considered for the parametric analyses. 


Parametric analyses have been carried out to assess the effect of the following parameters: 
ground cohesion (c); tunnel diameter (D); ground overburden measured at tunnel crown (Z), 
groundwater height above the tunnel crown (Hy). 

Additional calculations have been carried out to assess the effect of other parameters, such 
as: tunnel unsupported length (L); drainage (modelling 2 or 4 drains, 12 m long, at the face of 
the tunnel); height of the groundwater level. 

Three different groundwater conditions have been considered in the calculations: 


e Dry ground without groundwater (Dry Condition - DC) 

e Groundwater with dry tunnel excavation: the pore pressures at the tunnel face are set to 
zero and a steady state groundwater flow calculation is performed to establish the pore 
pressure distribution (Water Condition - WC). 

* Groundwater with dry tunnel excavation and ground treatment around the tunnel (2 m) 
and at the face of the tunnel (1.5 D long). The grouted body has been modelled as a non- 
porous medium (Grout Condition - GC) 


Table 1. Range of variability of the main parameters used in the FEM calculations. 


Q c Ko D ZID Hy 
Water Condition 
kN/m? i kPa - m - m 
DC; WC; GC 17 35 5 + 120 0.43 4;8 1+8 0+ZzZ 


The range of variability of the main parameters can be considered representative of a soft 
rock/ hard soil (see Tablel), and were chosen on the base of real values of volcanic tuff. The 
effects of the variability of some of the parameters (unit weight y, friction angle y, tensile 
strength, coefficient of earth pressure at rest Kg) should be further investigated in future studies. 


4 DISCUSSION OF FEM RESULTS AND COMPARISON WITH THE AVAILABLE 
ANALYTICAL METHODS 


87 FEM calculations have been carried out, only the main results are shown in the following 
sections. 

It can be noted that the FEM calculations generally respect the a priori expectation, with 
the safety factor that increase with the soil strength parameters (c and phi) and decrease with 
an increasing tunnel diameter or the groundwater level. 

It can be observed that the SF increases with the number of drains installed at the face (as 
they reduce the seepage forces). 

For the cases DC and GC it can be seen, as expected, that the safety factor decreases 
with the length of the unsupported span. Conversely, for the case WC the safety factor 
increases with the unsupported length. This evidence was initially surprising, but was 
explained considering that, for the WC case, the SF is highly dependent on the seepage 
forces at the face, so decreasing the unsupported span, increase the seepage forces at the 
face (considering an impermeable lining and zero water pressure at the unsupported 
tunnel contour), and as a consequence decrease the SF. This assumption is considered 
valid for the actual cases under study, for a tunnel excavated in stable ground in which 
the instability is given by the seepage forces, but it cannot be extended to a tunnel in 
instable ground, in which the increase of the unsupported length is expected to cause 
a decrease the safety factor. 

Figure 3 shows the typical mechanism of collapse obtained from the FEM calculations. It 
can be seen that in the DC case (on the right of the figure), the failure mechanism obtained 
confirms the wedge-silo mechanism considered in the published analytical: it is evident the 
presence of a sliding wedge at the face of the tunnel, and of a column of ground above it 
moving downward. The failing column reaches ground level for the shallow tunnels, while it 
stops at a certain depth for the deep tunnels. The wedge appears to be narrower in less cohe- 
sive materials, while it appears to be larger in more cohesive terrains. 

On the contrary, the failure mechanisms obtained for tunnels excavated under groundwater 
seems to be veer significantly from the classic wedge-silo mechanism. 

In the GC case, the wedge does not reach the ground level but stops in correspondence of 
the dry zone (grouted material) at the face (see the central image of Figure 3, in which the 
cylinder in magenta around the tunnel represents the grouted material). It is worth to note 
that this collapse volume may be only the starting mechanism of the real one, that may extend 
behind (and above) this after the starting of the collapse. Such kind of evolution of the col- 
lapse mechanism cannot be easily predicted with FEM calculations. 


Figure 3. Total displacements after phi-c reduction. From left to right: excavation with groundwater 
(WC case); grouted tunnel with groundwater (GC case); dry condition (DC case). 
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The mechanism of collapse in the WC case is closer to the extrusion of a cylinder of ground 
at the face of the tunnel. Figure 4 shows the plastic points at the moment of the collapse for 
the excavation under groundwater. The green points are tension cut-off points in which the 
ground has failed in tension, forming a sliding surface that could be approximated by a half 
ellipsoid, or a cylinder whose axis corresponds to the tunnel center line. 


Figure 4. Plastic points (in green the tension cut-off points, in red the failure points) and pore pressures. 
Excavation under water (WC case). 


A comparison between the FEM results and the published analytical methods is presented in 
Figure 5. 


47 (=60kPa; D=4m] 4@-FEM DC x 4 
\ 4 FEM WC 

A FEM GC 

Cornejo Tamez OC , Cornejo Tamez DC 

Cornejo Tamez WC —Comejo Tamer WC 

~~ Caquot Carranza DC 25 É AN a == Caquot Carranza DC 

—Caquot Carranza WC ` —Caquot Carranza WC 


Vermeer DC va 2 > Vermeer DC 


Figure 5. Comparison between SF calculated by FEM and published analytical methods. 


The safety factors in the different formulation are not always defined in the same way. Cor- 
nejo-Tamez (1989) defines the safety factor as the ratio between the moments of the stabilizing 
forces and the destabilizing forces. 


rsr -VOER 
MY FA 
Carranza (2004) does not define explicitly a safety factor but calculates the minimum face 
pressure required to reach stability. The safety factor for Carranza-Caquot method is defined 
as the value for which the strength parameters of the ground (c and tang) must be reduced to 
have a required stabilizing force equal to 0. For Vermeer; the safety factor is defined as the 
ratio of the available shear strength to the mobilised shear strength of the soil. 
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In FEM calculations, the factor of safety can be computed directly by means of o-c-reduc- 
tion, as well described by Vermeer (2002). 

For the scope of the present paper, the FEM calculations can be considered as the best 
model of the reality and so they can be considered as the target for the analytical methods. 

The published analytical methods presented in this paper (except Vermeer) generally err on 
the side of caution when compared to results obtained from FEM calculations. The Vermeer’s 
method is generally more appropriate for shallow tunnels and may lead to over optimistic 
results for deeper tunnels 

The Caquot-Carranza’s method fits the FEM better in dry conditions (DC), but is too opti- 
mistic for shallow tunnels under groundwater table and over-conservative for deep tunnels 
under groundwater table (WC). 

The Cornejo-Tamez’s method is too optimistic for shallow tunnels under the groundwater 
table (WC case) while in the other cases (DC, GC cases) it is generally over-conservative. 

In conclusion, the analytical methods reviewed in this paper are only applicable in the dry 
conditions case (DC case). They have proved to be unreliable for the case of tunnels under the 
groundwater table as they provide either too pessimistic or too optimistic safety factors com- 
pared to those obtained from FEM calculations. Besides, the failure mechanism considered in 
most of the existing methods for the WC case is not consistent with the one observed in the 
above presented FEM calculations. 


5 NEW PROPOSED ANALYTICAL METHOD FOR WC CASE 


The equilibrium of a cylindrical body ahead of the tunnel face is considered. Its section corres- 
ponds to the tunnel diameter D and its axis corresponds to the tunnel centreline and extends 
beyond the tunnel face on a length L (Figure 6). 

This cylindrical body is submitted on its far end to the ground and water pressures which 
are resisted by shear mobilisation on its perimeter. No stabilising pressure is considered at its 
near face (tunnel face). 


F={ly(@-Hy)+y’ (1 +3)| Ko + (Hw +2) n) 2 


D\] 1+Ko 


1 
t=ct|y(Z—Hy)+yY’ (Hw +5)| 5 tano 


Figure 6. Assumed failure mechanism. 


The resistance of the ground linearly increases with the length of the cylinder. 

The function of the un-stabilizing forces F(L), taking into account the 3D arching effect 
and the seepage effect increase with L, having a 0 value for L=0 and a maximum value for 
L equal to a certain distance (the distance at which the value of F is not influenced anymore 
by the tunnel excavation). 

The global safety factor relative to the above defined mechanism is defined as the ratio of 
the resisting forces R(L) over the destabilizing forces F(L): 
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The following equation is obtained (for a length of the cylinder L smaller than n times D): 


SF = 


{e+p (Z — Hy) + y (Ay + 2)] HK tanp} x D L 
E-a) +9] K+ An} E 


In the above equation the term L/(n D) gives the way in which the F increase with the dis- 
tance L from the face (in this simplified model), considering L not greater than n times D. 

F is assumed to linearly increase until the distance n * D is reached, beyond this distance 
F is assumed constant (equal to the maximum value at infinite distance). 

This formulation can be simplified into: 


{c+ [y (Z - Hw) +7 (Hw +2)] 4 tanp} 
{D (Z - Hy) +y (Av +3)] Ko + (Hu +2) ww } 4 


SF = 


The value of n has been calibrated on the base of the available FEM results and gives 
n = 0,3459. 

The value n*D is a distance that is of the same order of magnitude as the extension of the 
plastic zone obtained in Plaxis. 

With the selected value of n, the analytical method fits well with the FEM results, even if in 
a few cases the analytical solution gives less conservative estimates of the SF; to take this in 
account, given the variability of the prediction of the SF, a minimum acceptable safety factor 
of 1.4 is recommended. 

We underline that in the above we are considering the FEM calculation as if they were the 
correct solution of the problem, but also the FEM are only a simplified model of the real case. 
Further studies should be focused also on the validation of the model on real cases results or 
physical experiment results. 

All the calculations have been carried out considering a unique value for the coefficient of at- 
rest earth pressure Ky equal to 0.426, obtained from Jaky’s equation Ko=1-sin(o) with ọ =35°. 
Additional calculations were carried out with higher values of Ko (equal to 1 and 2), showing that 
in these cases the proposed formulation seems to be slightly over-conservative but still applicable. 
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Figure 7. Comparison of FEM results and other methods predictions. 
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Figure 7 shows the comparison between the different analytical formulations and the FEM 
calculations, it can be seen that the proposed method fits the FEM results better than the 
existing published methods. 

The formulation is valid for WC, while it is not considered applicable for the DC and GC 
cases. A minimum value of Hy=2m was considered in the FEM calculations used to calibrate 
the formulation for WC case. 

Only one value of friction angle was considered in the FEM calculation, so further investiga- 
tion will be carried out for that parameter. However, it is worth to note that the phi-c reduction 
procedure implicitly takes into account the contemporary variation of tan y and c. 


6 CONCLUSION 


This paper has discussed several published analytical formulations for the assessment of the 
face stability of tunnels. According to the authors, while several methods can be considered 
valuable for the calculation of the safety factors in dry conditions, improvement were deemed 
necessary in the case of tunnel under groundwater. 

Some FEM calculations have been presented in order to highlight the failure mechanism for 
tunnels under groundwater, and an alternative analytical formulation for the calculation of 
the safety factor has been proposed. Compared to the existing formulations the new formula- 
tion fits better with the FEM model results. 

Further studies are still required for the full understanding of the problem, future lines of 
research could be focused on: extension of the FEM database to better calibrate the model 
and additional investigations on the effects related to some parameters not fully investigated 
in the present paper (tensile strength of the ground, drainages, unsupported length, permeabil- 
ity, different soil layer, unit weight, friction angle, Ko); collecting real cases results or carrying 
out physical experiments to validate the model. 
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ABSTRACT: High-temperature ground improvement is becoming more widely used for 
various geotechnical applications. However, examples of the application of ground heating to 
tunnelling are limited. This study aims to assess the applicability of high-temperature ground 
improvement to tunnelling by reporting the variation in Unconfined Compressive Strength 
(UCS) and other geotechnical properties of clay and sand after heating to high temperatures. 
Laboratory experiments were conducted to assess the engineering properties of clay and sand 
specimens heated in a furnace at temperatures ranging from room temperature (~25°C) to 
1200°C. The results show that a high temperature of 1200°C considerably affects the UCS and 
point load strength index of the clay and sand specimens, mainly mixed clay and sand speci- 
mens with ratios of 3:1 and 1:1 sand to clay. A higher clay content results in increased depth 
and frequency of surface fracturing within the specimens resulting in reduced material 
strength. The highest value of UCS obtained from the experiments is 1.9 MPa by heating 
a 25% clay 75% sand specimen to 1200°C until it becomes vitrified. Generally, high temperat- 
ures (~1200°C) result in an increase in the UCS strength index of soft clayey, sandy soils. 


1 INTRODUCTION 


Tunnels in soft ground sometimes require pre-support and reinforcement during excavation. If 
the tunnel heading is unsupported, failures and collapses within the excavation may occur 
(Paraskevopoulou et al., 2022). Current soft ground tunnel support and reinforcement methods 
include advance pipe umbrella, grouted pipe spiles, driven spiles, face bolt reinforcement, tem- 
porary invert and full-face grouting reinforcement (Wang et al., 2019). Failures in tunnels are 
a health and safety risk that lead to project delays, increases in project costs due to remediation 
and, in extreme cases, can lead to severe injury or death. This study aims to assess the applic- 
ability of high-temperature ground improvement to tunnelling to enable a self-supporting 
framework around the tunnel during excavation. Heat is applied to the soft soil surrounding 
the excavation to strengthen it and provide support and reinforcement to the tunnel during 
excavation. High-temperature treatment of soil to influence its mechanical behaviour is becom- 
ing more widely used as a method of ground improvement for various geotechnical applica- 
tions such as high-level radioactive waste (HLW) disposal; contaminated land remediation 
(Oma, 2019); geothermal energy systems; heat storage (Laloui, 2001); petroleum drilling, injec- 
tion and production; underground coal gasification and volcano flank stability (Ranjith, et al., 
2012). The advantage of this method is that it could speed up the excavation process and 


DOI: 10.1201/9781003348030-194 


1624 


require less tunnel reinforcements, therefore reducing costs, as the tunnel support system will 
be mainly composed of the surrounding rock medium. 


2 BACKGROUND 


2.1 Definitions 


From an engineering perspective, soil can be defined as an unconsolidated aggregation of sedi- 
ment or solid particles produced by the physical and chemical disintegration, or weathering, of 
rocks. Soil is composed of a mixture of minerals, organic matter, water and air (Afrin, 2017). 
Ground improvement, in geotechnical engineering, can be defined as using physical, chemical 
or mechanical means to improve poor ground conditions (Moseley & Kirsch, 2004). Ground 
improvement methods aim to improve the geotechnical engineering properties of the soil mass, 
with the common objectives of improving the bearing capacity of the soil, increasing density, 
controlling settlements and permeability, mitigating liquefaction and improving slope stability 
(Schaefer et al., 2012). 


2.2 Ground improvement and high-temperature heating 


Ground improvement techniques have developed considerably in the past 50 years and are 
now used regularly in many geotechnical engineering projects (Schaefer et al., 2012). They are 
often used to improve the stability of soft or loose soils by increasing the cohesion and/or 
reducing the permeability of the soil; or they are used to control deformations, such as settle- 
ments, heave or distortions, once a structure is built on top of the soil, or once an excavation 
or tunnel is bored into it. Ground improvement techniques can be grouped into eight broad 
categories: vibration, adding load, structural reinforcement, structural fill, admixtures, grout- 
ing, thermal stabilisation and vegetation (Mitchell & Jardine, 2002). Thermal stabilisation is 
one category of ground improvement which involves heating or cooling soil to alter its geo- 
technical properties, resulting in stabilising and strengthening the soil mass. It includes both 
ground freezing and ground heating. If the improvement of the ground is only needed tempor- 
arily, ground freezing may be suitable; however, if the improvement is needed permanently, 
then ground heating may be used (Schaefer et al., 2012). Heating soil to 100°C causes the pore 
water in the soil to evaporate while the soil dries out (Mitchell & Jardine, 2002). On the other 
hand, heating the soil from 600°C to 1000°C will result in irreversible changes (Mitchell & 
Jardine, 2002), such as a decrease in compressibility, an increase in cohesion and an increase 
in the internal angle of friction and elastic modulus of the soil (Sharma et al., 2022). Ground 
heating is predominantly used in Russia and Eastern Europe and mainly to treat loess - a fine- 
grained, friable wind-blown soil (Mitchell & Jardine, 2002). The temperature to which the soil 
is heated ranges from 200°C — 1000°C, with the minimum treatment temperatures for different 
applications given as guidance in Table 1. 


Table 1. Minimum treatment temperatures for different ground heating applica- 
tions (modified from Mitchell, 1982). 


Minimum treatment 


Purpose of heating temperature (°C) 
Reduction of lateral pressure 300-500 
Elimination of collapse properties (loess) 350-400 

Control frost heave 500 

Massive column construction below frost depth 600 
Manufacture of building materials 900-1000 
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2.3 Effects of high-temperature in engineering properties of soils 


Most high-temperature treatment studies focus on the remediation of contaminated soils rather 
than the effects of high temperatures on the geotechnical properties of the soil. This section dis- 
cusses the effect of high temperatures (20-1000°C) on the geotechnical properties of sand and clay. 


2.3.1 Sand 

Ranjith et al. (2012) studied the effects of high temperature (<1000°C) on silica sand and sug- 
gested that there is a positive correlation between the mechanical properties of sand and tempera- 
ture, whereby unconfined compressive strength and Young’s modulus increases with increasing 
temperature up to a maximum temperature of 500°C. However, beyond 500°C, the stability of 
the sand decreased dramatically. This behaviour can be explained by the progressive dihydroxy- 
lation of the kaolinite within the sand, causing weakening and softening as the temperature 
increased. Rao et al. (2007) reported the effects of high temperature on the mechanical properties 
of sandstone and concluded that the evaporation of pore water within the rock due to increasing 
temperature resulted in an improvement in the mechanical properties of the sandstone. Addition- 
ally, Rao et al. (2017) found that uniaxial tensile strength, uniaxial compressive strength, elastic 
modulus and fracture toughness were linearly increased with temperature up to 250°C. Once the 
temperature went beyond 250°C, the same properties decreased. 


2.3.2 Clay 

Laloui & Cekerevac (2003) investigated the thermo-mechanical behaviour of two different clays 
(MC clay and Boom clay), up to a maximum temperature of 90°C, using laboratory testing 
(using a thermo-mechanical triaxial cell) and numerical modelling. They focused on the effect 
of various temperatures (22°C, 60°C and 90°C) on pre-consolidation pressure, void ratio and 
strain of the clay samples, and they suggested that the behaviour of clays was strongly affected 
by temperature as a consequence of its influence on free and adsorbed water. They concluded 
that quantitatively the modification of the mechanical behaviour of clay was correlated with 
a continuous variation in geotechnical properties (strength, stiffness) with an increase in tem- 
perature and qualitatively represented the transition to more ductile behaviour. Marques & 
Leroueil (2005) substantiated the findings of Laloui & Cekerevac (2003) with a study on the 
effects of heat on the hydraulic conductivity and settlement behaviour of clay up to temperat- 
ures of 60°C. Marques & Leroueil (2005) demonstrated that when the clay was heated to 60°C, 
the hydraulic conductivity was increased by a factor of 2.8, resulting in an increase of the con- 
solidation rate by the same factor. Mon et al. (2013) challenged the effect of high temperature 
on clay’s permeability and hydraulic conductivity, specifically kaolin clay. They suggested that 
the effects of temperature on the macroscopic pore structure, which governs pore water perme- 
ability, were less significant within the temperature range studied (5 °C to 40°C). 

Sun et al. (2016) confirmed that a series of changes occur in the clay mineral kaolinite at 
temperatures between 400-600°C and considered it to be the primary cause of the modification 
of physical and mechanical properties in clay at high temperatures. Geng & Sun (2018) and 
Han et al. (2017) investigated the effects of high temperature (<900°C) on the thermo-physical 
properties of clay. They concluded that clay undergoes a series of changes during high- 
temperature treatment. Once the critical heating temperature value was reached, some carbon- 
ate minerals such as calcium carbonate, dolomite and magnesite were decomposed, which 
decreased the Young’s modulus, tensile strength and compressive strength (Sun et al., 2016). 


2.4 Scientific knowledge gap 


Prior research generally agrees that high temperature significantly affects the mechanical proper- 
ties of different soils. However, little research has been conducted to show the effects of extremely 
high temperatures (above 900°C). Prior studies have also failed to evaluate the effect of high tem- 
peratures on the mechanical properties of silt. Additionally, although the effects of ground heating 
have been investigated, its application to tunnelling has not. This project aims to evaluate the 
effects of extremely high temperature (up to 1000°C) on the mechanical properties of clay, silt and 
sand, with the further aim of investigating the application of ground heating to tunnelling. 
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3 METHODOLOGY 


In this section, the methodology is discussed, along with the process of refining the data col- 
lection method. This is followed by an overview of the materials tested as part of this study, 
including soil descriptions and the specimen preparation process. The experimental methods 
for X-ray diffraction, consistency description, high-temperature treatment, colour descrip- 
tion and strength measurement are also specified. More specifically, the methodology fol- 
lowed herein involves hand-mixed, extruded specimens of clay and sand. 


3.1 Description of materials tested and sample preparation 


The experimental sand was sampled from a borehole drilled in Birnam during the ground investi- 
gation for the A9 Dualling: Tay Crossing to Ballinluig project (Table 2.a). The experimental clay 
was sampled from a borehole drilled during the ground investigation for the Northumberland 
Line project between Ashington and central Newcastle (Table 2.b). The clay and sand samples 
were provided by Soil Engineering Geoservices Limited. It should be noted that sample EG03 was 
dry sieved to obtain grain sizes of 63 um — 500 um which were used in this experiment, the remain- 
ing material was discarded. 


Table 2. Description of geomaterials tested: a. Sand; and, b. Clay. 


Sample material a. Sand b. Clay 

Sample name EG03 EG04 

Project number TE8258 TE8311 

Project name A9 Birnam Northumberland Line 
Location Unknown Unknown 

Sampling origin Borehole Borehole 

Borehole number BTT4007 NL/ASH/TP/D4 
Depth from (m) 3.80 — 4.50 m 2.20 — 2.70 m 

Date sample retrieved 04/03/2020 23/11/2020 

Sample class Class 5 Class 5 


The soil descriptions were based on visual and manual identification in accordance with BS 
EN ISO 14688-1:2018, BS EN ISO 14688-2:2004+A1:2013 and BS 5930-2015+A1:2020. The 
samples were stored in clear polythene bags tied with rope, in the RMEGG laboratory at the 
University of Leeds at room temperature (~25°C) and out of direct sunlight. 

To meet the required ISRM standard of specimen dimensions for UCS testing (ISRM, 
1979), where test specimens shall be right circular cylinders with a height-to-diameter ratio 
of 2.5-3.0, specimens for UCS testing were prepared using a cylindrical mould 50 mm in 
diameter and c. 150 mm in length. The sand (EG03) was fully dried for 24 hours in an oven 
at 105°C before specimen preparation. The clay (EG04) was used with its natural moisture 
content. The specimens were mixed by hand with varying percentages of clay and sand. 
Each mix contained enough material to prepare three UCS specimens (weighing approxi- 
mately 600 g each). Once mixed, the material was compressed by hand into a cylindrical 
mould using a wooden tamping rod and a weighted cylinder. The specimens were removed 
from the moulds using a sample extruder and weighed in grams to 1 d.p. using an SMS 
laboratory balance. The diameter and length of the specimens was measured in mm to 1 d.p. 
using Mitutoyo 150mm Vernier Calipers. The specimens were tightly wrapped in plastic film 
and placed into a sealed plastic bag to prevent moisture loss and were stored at an ambient 
temperature of ~ 25°C. A total of 24 UCS specimens and 30 point load specimens were pre- 
pared for the experiment. Figure 1 illustrates the sampling preparation process in six steps 
used in this study. 
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Figure 1. 


STEP ONE 


100% clay mix 


Clay with sand mix 


ae Cg i 
| EDS 
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material to cylindrical mould 
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plastic film to maintain 


moisture content plastic bag 


STEP THREE 


Compress mixed clay/sand 
material into cylindrical 
mould 
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Extrude the cylindrical 
specimen 


Flowchart of the sample preparation process used in this study. 
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3.2 Testing procedure 


The laboratory component of the study involved heating clay and sand specimens to various 
temperatures (200°C, 400°C, 600°C, 800°C, 1000°C and 1200°C), shown in Figure 2, followed 
by UCS testing. The maximum temperature value considered (1200°C) exceeded that of current 
literature which focused on maximum temperatures between 950-1000°C. As the temperature 
approached 1200°C, the soil material surpassed the elastic rock deformation stage and started 
to become vitrified, which was likely to have a significant effect on the strength of the material. 
More specifically, the specimens were heated to their target temperature in a Carbolite ashing 
furnace and were heat treated from room temperature (~20-21°C) with a heating rate of 10°C/ 
min to minimise thermal shock and stress fracturing. The specimens were held at the target 
temperature for 2 hours to ensure the heat was uniformly distributed throughout the specimen. 
The specimens were then allowed to cool completely within the furnace to ambient room tem- 
perature (~20°C) before being removed from the furnace. Finally, the specimens were stored at 
room temperature (~25°C) before being UCS tested. 

X-ray diffraction (XRD), consistency description and colour description were performed 
prior to UCS testing. The natural water content of the samples was measured before mixing, 
and the quantity of water added during mixing was recorded to calculate the moisture content 
of each clay/sand specimen before heating. Approximately 2 g of samples were dried in an oven 
at 105°C for 24 hours, before being ground to a fine homogeneous powder suitable for XRD 
analysis with an agate pestle and mortar. The sample powder was pressed into a stainless steel 
holder and placed into a Bruker D8 X-ray Diffractometer for quantitative phase analysis. The 
Bruker D8 XRD uses a Cu Ka source and has a scanning range of 2-150. Furthermore, the 
consistency of the specimens was described before heating based on the manual tests shown in 
Figure 2, according to BS EN ISO 14688-1:2018. 


200°C 400°C 600°C 800°C 1000°C 1200°C 


100% clay 


75% clay 
25% sand 


50% clay 
50% sand 


25% clay 
75% sand 


Figure 2. UCS specimens and their clay-sand contents before testing at respective temperatures. 


The specimens’ strength after heating was then derived by performing UCS tests according 
to ISRM guidelines (ISRM, 1985). 
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4 RESULTS & DISCUSSION 


Figure 3 shows the specimens after being heated at high temperatures. The ends of the speci- 
mens were cut using a rock cutting device to ensure the specimens were right circular cylinders. 
The ends of the specimens were ground using a face grinder to ensure the end surfaces were 
perfectly planar and perpendicular to the long axis of the cylindrical specimen. The UCS 
equipment used had a weak soft rock 250 kN load frame as the specimens were not expected 
to exceed 250 KN. 


200°C 400°C 600°C 800°C 1000°C 1200°C 


100% clay 


75% clay 
25% sand 


50% clay 
50% sand 


25% clay 
75% sand 


Figure 3. UCS specimen and their clay-sand content variations before testing at respective temperatures. 


Table 3 shows the UCS test results, with the highest strength of 1933 kPa (1.9 MPa). Accord- 
ing to the ISRM standard terminology for UCS, this is considered very low strength (ISRM, 
1979). The three specimens with the highest value of UCS (EG31, EG33 and EG27) were heated 
to temperatures in the range of 800-1000°C. The specimens with the lowest values for UCS were 
heated to lower temperatures between 200-400°C, confirming that high temperatures improve 
the UCS of the soil. 


Table 3. Summary of UCS test results, firing temperature and description of specimen. 


Specimen % % Firing UCS UCS 

number clay sand Temperature (°C) (kPa) (MPa) ISRM Term 
EG29 50 50 200 220 0.2 Very low strength 
EG32 50 50 400 256 0.3 Very low strength 
EG26 75 25 400 259 0.3 Very low strength 
EG30 50 50 600 419 0.4 Very low strength 
EG23 75 25 200 808 0.8 Very low strength 
EGI7 100 0 200 954 1.0 Very low strength 
EG31 50 50 1000 1378 1.4 Very low strength 
EG33 50 50 800 1539 1.5 Very low strength 
EG27 75 25 800 1933 1.9 Very low strength 
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5 CONCLUDING REMARKS 


High-temperature ground improvement could be used to improve the strength of very weak, soft 
soils during tunnelling by applying heat to the soil surrounding the tunnel excavation through 
boreholes drilled perpendicular to and ahead of the tunnel face. The soil immediately surrounding 
the borehole would become hardened and would form an arch of higher-strength rock to support 
and reinforce the tunnel crown and the walls during excavation. This arch would also reduce the 
gravitational stresses acting on the soil within the tunnel face. This research aimed to assess the 
applicability of high temperature ground improvement to tunnelling. Based on the quantitative 
and qualitative analysis of the effect of high temperature on the strength and other geotechnical 
properties of clay and sand, it can be concluded that high temperatures (>800°C) cause an increase 
in the UCS and point load strength index of low strength clayey sandy soils. The results indicate 
that very high temperatures (>1000°C) cause an increase in the UCS of soft clayey sandy soils. 


REFERENCES 


Afrin, H., 2017. A Review on Different Types Soil Stabilization Techniques. International Journal of 
Transportation Engineering and Technology, 3(2), pp. 19-24. 

Geng, J. & Sun, Q., 2018. Effects of high temperature treatment on physical- thermal properties of clay. 
Thermochimica Acta, pp. 148-155. 

Han, J. et al., 2017. Experimental study on thermophysical properties of clay after high temperature. 
Applied Thermal Engineering, Volume 111, pp. 847-854. 

ISRM, 1979. Suggested methods for determining the uniaxial compressive strength and deformability of 
rock materials. International Journal of Rock Mechanics and Mining Sciences & Geomechanics Abstracts, 
16(2), pp.138-140. 

ISRM, 1985. Suggested method for determining point load strength. International Journal of Rock Mechan- 
ics and Mining Sciences and Geomechanical Abstract, 22(2), pp.51—60. 

Laloui, L., 2001. Thermo-mechanical behaviour of soils. Revue Française de Génie Civil, 5(6), pp. 809-843. 

Laloui, L. & Cekerevac, C., 2003. Thermo-plasticity of clays: An isotropic yield mechanism. Computers 
and Geotechnics, Volume 30, pp. 649—660. 

Marques, M. E. S. & Leroueil, S., 2005. Chapter 36: Preconsollidating Clay Deposit by Vacuum and 

Heating in Cold Environment. In: B. Indraratna & J. Chu, eds. Ground Improvement: Case Histories. 

Oxford: Elsevier Limited, pp. 1045-1063. 

Mitchell, J. K., 1982. Soil Improvement - State-of-the-Art Report. Proceedings of the 10th Internation 

Conference on Soil Mechanics and Foundation Engineering, Volume 4, pp. 509-565. 

Mitchell, J. M. & Jardine, F. M., 2002. A guide to ground treatment. 1st ed. London: CIRIA. 

Moseley, M. P. & Kirsch, K., 2004. Ground Improvement. 2nd ed. New York: Spon Press. 

Mon, E. E. et al., 2013. Temperature effects on geotechnical properties of kaolin clay: Simultaneous 
measurements of consolidation characteristics, shear stiffness, and permeability using a modified 
oedometer. GSTF International Journal of Geological Sciences (JGS), 1(1), pp. 1-10. 

Oma, K. H., 2019. In Situ Vitrification. In: D. Wilson & A. Clarke, eds. Hazardous Waste Site Soil Remedi- 
ation. Boca Raton, Florida: CRC Press. 

Paraskevopoulou, C., Dallavalle, M., Konstantis, S., Spyridis, P. & Benardos, A. 2022. Assessing the fail- 
ure potential of tunnels and the impacts on cost overruns and project delays. Tunnelling and Under- 
ground Space Technology, 123: 104443. 

Ranjith, P. G., et al. 2012. Transformation plasticity and the effect of temperature on the mechanical behav- 
iour of Hawkesbury sandstone at atmospheric pressure. Engineering Geology, 151(1), pp. 120-127. 

Rao, Q. H., Wang, Z., Xie, H. F. & Xie, Q., 2007. Experimental study of mechanical properties of sand- 
stone at high temperature. Journal of Central South University of Technology, 14(1), pp. 478-483. 

Schaefer, V. R. et al., 2012. Ground Improvement in the 21st century: A comprehensive web-based infor- 
mation system. Geotechnical Engineering State of the Art and Practice, Issue 226, pp. 272-293. 

Sharma, U., Rathor, A. P. S. & Acharya, B., 2022. A Review Study of Techniques and Use of Thermal 
Stabilization of Soil. ECS Transactions, 107(1), pp. 6963-6976. 

Sun, Q., Zhang, W., Zhang, Y. & Yang, L., 2016. Variations of Strength, Resistivity and Thermal Param- 
eters of Clay after High Temperature Treatment. Acta Geophysica, 64(6), pp. 2077-2091. 

Wang, X., Lai, J., Garnes, R. S. & Luo, Y., 2019. Support System for Tunnelling in Squeezing Ground 
of Qingling-Daba Mountainous Area: A Case Study from Soft Rock Tunnels. Advances in Civil 
Engineering, 1(1), pp. 1-17. 


1631 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Modernization of a century old Mont-Royal Tunnel 


M. Motallebi & B. Esmaeilkhanian 
AECOM, Montreal, Canada 


V. Nasri 
AECOM, New York City, USA 


ABSTRACT: Réseau Express Métropolitain (REM) is the new light rail transit network of Mon- 
treal, Canada. This electric and fully automated LRT network will facilitate mobility across the 
Greater Montreal Region by providing 67 km of twin tracks and 26 stations. This new LRT net- 
work uses existing Mont-Royal Tunnel (MRT) to connects Downtown Montreal to the north side 
of the Island of Montreal by passing through Mount Royal mountain. In addition, two of the pro- 
ject stations will be built inside this tunnel by enlarging it from a double-track tunnel to side- 
platform station at the location of these stations. The Mont-Royal Tunnel (MRT) is a century-old 
railway double track horseshoe tunnel. The tunnel is approximately 5 km long, 8.8 m wide and 
5.5 m high, with a constant 0.6% grade. In order to use MRT in a modern transit system, the tunnel 
needed to be inspected, rehabilitated and be compliant to the recent safety standards. This paper 
presents a summary of history and characteristics of the existing tunnel plus the implemented steps 
to upgrade the tunnel. It includes the details of the structural inspection and rehabilitation methods 
of the tunnel. Further, this paper summarizes the procedures for the space proofing, construction of 
the separation wall, and the tunnel enlargement. It also describes parts of complications encountered 
during the constructions and solutions implemented to tackle these issues. 


1 INTRODUCTION 


The Réseau Express Métropolitain (REM) is an electric and fully automated, light-rail transit 
network designed to facilitate mobility across the Greater Montreal Region in Canada. This new 
transit network will be linking downtown Montreal, South Shore, West Island, North Shore and 
the airport. The project consists of 26 stations and 67 km of twin tracks over four branches con- 
nected to downtown Montreal. The REM system will connect with existing bus networks, com- 
muter trains and three lines of the Montreal metro (subway) (Nasri et al., 2020). The map of 
REM project is shown in Figure 1. 

The REM network will utilize the existing Mont Royal tunnel to pass through downtown. 
This tunnel connects the Montreal central rail station in the city downtown to the north side of 
the island by passing through the heart of Mount Royal mountains. The tunnel was built 
between 1912-1918 for Canadian Northern Railway and had been in service since 1918. This 
double track horseshoe railway tunnel is approximately 5 km long, 8.7 m wide and 5.5 m high, 
with a constant 0.6% grade. To adopt this century-old tunnel to the REM network, major 
works should be done to upgrade the tunnel to the current standards of modern transit sys- 
tems. This includes structural evaluation and rehabilitation of the tunnel. Further, the two sta- 
tions of the project will be placed within the existing tunnel and tunnel enlargement is 
necessary to transfer the double track tunnel into side platform station. This paper presents the 
details of the structural inspection and rehabilitation of the tunnel along with the repair 
methods, the addition of a center wall as well as the enlargement of the tunnel section. 
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Figure 1. Network map of REM project. 


2 BACKGROUND 


At the north end of the Mont-Royal tunnel, there is ancient portal height station. This section 
has an enlarged section as compared to the regular tunnel section. This section and a short 
section of the tunnel south of the station are completely in soil and was built based on cut and 
cover method. Reinforced cast in place concrete was used to build this part (Figure 2a). On 
the south side of this zone, part of the tunnel cross section was in soil. For this segment, the 
tunnel liner consisted of cast-in-place double arch section as shown in Figure 2b. Part of this 
section was built using the cut & cover method. 

Most of the length of the tunnel was excavated through hard rock. The central segment of the 
tunnel was driven through igneous rock (Essexite) while limestone was at both ends of the 
tunnel. Although the tunnel was driven through these hard rocks, there was only a short dis- 
tance of the tunnel which was left without a concrete lining. This was due to the distortions and 
internal strains in the rock caused by the igneous intrusion (Busfield, 1919). Figure 2c shows the 
typical cross section of tunnel for this segment. For the segment of the tunnel without concrete 
liner, the rock surface was covered with a thin layer of sprayed mortar (Figure 2d). No rock 
bolt was used in this segment. The tunnel was excavated using bottom heading and breakups. 
The heading was excavated through regular drill and blast (Busfield, 1919). 

Near the south portal of the tunnel where the top of the rock was inside the tunnel cross 
section, limestone was found to be soft and to some extent blocky and in some places partially 
disintegrated. At this portion, the arch of the tunnel was above the top of the rock surface in 
a soft soil consisting of different forms of clay (The Canadian Northern Railway, 1913). For 
this segment, special construction method was used and the cross section of the tunnel is in 
the form of double arch as shown in Figure 2e. 

For south double-arch section (Figure 2e), the arch consisted of precast concrete segments 
locked to two adjacent segments of the preceding rings by a shear key. Precast segments were 
610 mm thick, 685 mm wide along the tunnel axis, and 1524 mm long circumferentially. These 
precast segments formed a concrete self-supporting arch and prevented the need for formwork. 
The concrete arch was supported by the center wall and concrete side walls cast into the solid 
rock. The centre wall consisted of steel columns (10 1⁄4 inch Bethlehem H section columns), spaced 
uniformly 685 mm centre to centre, embedded in concrete. A built-up steel lintel spanned between 
two steel columns and formed a seat for the center segment of the double arch. Ends of the steel 
lintel sit on cap plates of two adjacent steel columns. To provide the minimum required stability 
for the installation of steel lintels and concrete segments, each steel lintel was connected to adja- 
cent lintels by a web splice while its bottom flange was connected to the adjacent cap plates. 

To continuously support the soil above the tunnel during construction, roof shield was used for 
construction of double arch section. The roof shield was fabricated from structural steel in the 
form of semicircular arch in order to follow the outline of the concrete arch. At the back, the roof 
shield covered a few installed rings while it extended over the platform to form a cutting edge. 
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Hydraulic jacks were used to move forward the steel shield while pushing against installed rings. 
Then mechanical erector put in place the segments of concrete arch at the back of the shield (Bus- 
field, 1919). Schematic procedure of construction is shown in Figure 2f. 
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Figure 2. (a:e) Sections of Mont Royal Tunnel (MTQ, 1991), (f) Shield method construction at south 
double arch (Lauchli, 1915). 


3 SPACE PROOFING AND 3D AS-BUILT MODEL OF TUNNEL 


MRT tunnel was built a century ago and several changes and repairs were applied to this 
tunnel while only a few construction documents were available. Therefore, laser scanning and 
point cloud processing were implemented to reconstruct existing conditions of the tunnel. 
Dibit tunnel scanner was used for the visual representation of the scanned tunnel structure. 
With the help of Dibit, the existing tunnel track alignment file was mapped along the scanned 
data and it allowed the designers to view the scanned data in high-quality rendered images in 
3D space. The advantage of this software is that it calculates true-color textured 3D models of 
the tunnel surfaces and allows for an accurate analysis of as-built components. For example, 
existing conduits, trenches and equipment along the tunnel can be easily identified (Vovou 
et al., 2020). The software interface is shown in Figure 3. 

The 3D model of the tunnel was used for space proofing. The train envelope was created along 
the tunnel following the track alignment. In order to detect the zone without required clearance 
between train envelope and the tunnel liner, the clearance envelope was created include the train 
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envelope and the required clearance. The model was visually reviewed and all clash points between 
clearance envelope and tunnel liner were determined. Figure 3 shows this practice. 


a b 


Figure 3. (a) Dibit tunnel scanner interface, (b) space proofing practice. 


4 STRUCTURAL INSPECTION 


The current structural condition of the tunnel had to be determined first to provide necessary 
information for structural evaluation of the tunnel. The primary step in this procedure was struc- 
tural inspection of the tunnel. The purpose of the inspection was to prepare a damage survey of 
the structural elements of the tunnel. The damage survey consisted of recording the type and 
extent of damages affecting the structural elements of the tunnel in order to prepare repair plans 
and specifications.Structural inspection of the tunnel was performed based on the Structural 
Maintenance Manual (Manuel d’Entretien des Structures) of Quebec Ministry of Transport (Min- 
istère des Transports du Québec) (MTQ, 2019). Inspection was done in two levels: basic inspection 
and comprehensive study. The basic inspection consisted of visual inspection and hammer sound- 
ing of structural elements including concrete liner, steel columns and exposed rock. For specific 
zones of the tunnel where advanced deterioration was observed, comprehensive study was per- 
formed by conducting a detailed testing program for concrete and steel structural elements. 

Significant defects and damages were observed in south double arch zone. Regarding the 
center wall, disintegration, delamination and spalling were observed in most areas of this 
element. This was mainly due to the advanced corrosion of the steel columns embedded in 
the concrete center wall. During inspection of the tunnel, a few exposed steel columns were 
further evaluated. In addition, the concrete cover of a few columns could be easily removed 
using a geologist hammer. Excessive deterioration was observed in these columns (Figures 4a 
& 4b). Signs of disintegration, delamination, spalling were also observed in several areas of 
side walls (Figure 4c). Further signs of significant deterioration were observed on precast 
concrete segments of the roof. Disintegration, delamination, spalling, and water infiltration 
were the typical types of damages (Figure 4d). In response to severe deterioration observed 
in south double-arch section of the tunnel, a comprehensive study was conducted to deter- 
mine the extent of the deterioration of the concrete liner and its embedded steel columns 
(Motallebi et al., 2022). It includes taking cores from tunnel liner and evaluation of the state of 
deterioration of steel columns by determining their remaining cross-section as well as the tensile 
strength of steel column (Motallebi et al., 2022). 

Based on the observed damages and deteriorations, single-arch zone of the tunnel can be div- 
ided into two major zones. The first zone was approximately within 200 m immediate north of 
the south double-arch zone. Advanced deterioration was observed in concrete liner of this zone, 
especially on the arch (Figure 5a). The depth of spalling reached up to 200 mm in the concrete 
liner of the arch. Disintegration and delamination were also observed in this zone. 

For the second part of the single arch, the surface of the concrete liner was normal without 
significant defects. However, scattered spots with severe disintegration, delamination and 
spalling were seen along the entire length of the tunnel (Figure 5b). 

For North Double-arch part, scattered spots of deterioration were detected along the tunnel. 
Disintegration, delamination, and spalling were also observed in damaged areas. In North Rigid 
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Figure 5. Defects of tunnel liner in single arch zone. 


frame zone, the tunnel lining consists of reinforced concrete. Hence, the main deterioration mech- 
anism of concrete is spalling due to rebar corrosion. Several areas showing such damages are 
observed throughout this zone (Figure 6). Cracks in concrete and water infiltration were observed 
in several parts of this zone as well. 


5 TUNNEL LINER REPAIR METHODS 


Results of basic inspection and comprehensive supplementary study demonstrated that South 
double arch region was in a very critical stage of deterioration. In addition to low compressive 
strength and high absorption rate, the presence of high chloride and sulfate ions in the con- 
crete will continue to accelerate the deterioration rate of both concrete liner and its steel col- 
umns. This evaluation concluded that the complete replacement of the tunnel concrete liner is 
required in order to ensure the tunnel service life as specified by the owner in the contract 
documents. Severe corrosion of the steel columns also resulted in the recommendations to 
entirely replace these structural elements. However, it is practically impossible to replace steel 
columns without endangering the integrity and stability of the columns and the tunnel arch. 
Therefore, the decision was made to completely replace the south double arch tunnel since 
this was the only feasible solution to sufficiently extend the service life of the Mont Royal 
Tunnel in the south section. In order to avoid major disturbance to the utility and street traf- 
fic, a mining method using forepoling umbrella arch pre-support method was implemented to 
allow the removal of the existing double arch concrete segmental roof and center and side 
walls in order to install the new tunnel concrete liner. 
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Figure 6. Severe corrosion of rebars causing complete spalling of the concrete cover. 


For the first zone of the single arch section of the tunnel where severe degradation was observed 
over the entire tunnel roof, the repair method consisted of removing a layer of the concrete liner 
at the arch and backfilling the excavated layer with steel fiber reinforced shotcrete. The minimum 
thickness of the removed concrete layer was determined to be 200 mm from the original surface of 
the concrete liner. Regarding the side walls, where scattered deteriorated spots were observed, the 
repair method was in the form of local patches and the minimum thickness of concrete removal 
and shotcrete replacement was 100 mm. The tunnel liner repair method for this zone is shown 
in Figure 7a. 


Figure 7. Typical repair method for tunnel. 


For the second part of the single arch, local removal of concrete and replacement by shot- 
crete was suggested for the repair of the arch and side walls. The minimum thickness of liner 
removal was determined as 100 mm. The steel fiber reinforced shotcrete was used to backfill 
the removed patches of the original concrete liner (Figure 7b). 

Local patches were suggested for the repair of deteriorated spots in the north double arch 
zone. The minimum thickness of concrete removal was specified as 100 mm and the removed 
original concrete liner was backfilled with steel fiber reinforced shotcrete. The repair method 
for the north double arch tunnel is shown in Figure 7c. 

Due to concerns for the stability of the structure, a repair approach using minimal demoli- 
tion of concrete and rebar exposure was adopted for North Rigid frame section of the 
tunnel (Figure 7d). Water infiltration were repaired be means of injection of structural poly- 
urethane resin. 
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6 CONSTRUCTION OF THE CENTER WALL 


The new center wall of the tunnel is made as part of upgrading the existing tunnel to the level 
of current fire hazard standards (Figure 8). The wall consists of three elements: U-Shaped 
foundation, Precast invert T-shaped panels, and the main body of the wall. 


Figure 8. Construction of the new center wall in the existing tunnel. 


The U-shaped foundation made of cast-in-place 35 MPa fiber reinforced concrete. The use of 
fiber reinforced concrete facilitated and accelerated the construction by eliminating the need for 
rebars all the while improving the durability of the element. In addition, application of fiber 
reinforced concrete makes it unnecessary to take any measures to control stray currents. 

Precast invert T-shaped panels to connect the U-foundation to the main body of the wall. 
The precast panels are made of 70 MPa fiber reinforced concrete reaching flexural strength 
values of 10 MPa and higher. The gap between the panels and the surrounding U-shaped foun- 
dation is filled with non-shrink grout to ensure the two elements work together. The choice of 
precast fiber reinforced panels resulted in a much more efficient production of panels with 
higher quality. Moreover, the installation of the panels in the tunnel was quick and easy lead- 
ing to significant cost and time savings. 

The main body of the wall is made of cast-in place reinforced concrete anchored to the 
existing tunnel lining at the top. The connection between the body of the wall and the precast 
panels is made via anchors embedded in the panels. 


7 CENTURY-OLD EXPLOSIVE 


In July 2020, construction team faced a major issue which impacts their working method signifi- 
cantly. A detonation occurred when construction team was drilling holes for excavation of the 
platform of future Edouard-Montpetit began. Fortunately, there was no injury. Investigation 
determined the detonation of leftover explosive material from the original construction of the 
tunnel as the cause of this unanticipated incident. The tunnel was constructed using drill and blast 
method more than a century ago. Residues of the explosive material that had been left in bedrock 
was ignited by the heat from the tip of a drill used for the excavation. Based on new strict safety 
measure, all drilling in the tunnel must be done using remote-controlled equipment, even if it does 
not reach the bedrock. The remote-drilling equipment restricted the minimum size of the hole and 
the accuracy of the drilling regarding the location and angle of drilling. Based on these limitations, 
the anchorage system of the electrical network and equipment was redesigned. Further, the elec- 
trical network and equipment shall be overhung directly from the rock for the zone without con- 
crete liner. To validate the anchorage system for rock sections, 18 full-scale unconfined pull-out 
test was performed (Figure 9). The tests were uniformly distributed along the rock section of the 
tunnel on both side walls and crown. The test demonstrated that the anchorage system can reach 
to its proof load and it is capable of tolerating the design load with appropriate margin of safety. 
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Figure 9. Unconfined pull-out tests a) on the side wall, b) on the crown. 


8 CONCLUSION 


The new Montreal light rail transit network (REM) will utilize the existing Mont Royal Tunnel 
to pass through downtown. This paper presents the details and challenges of upgrading of this 
a century-old tunnel to the latest standards. Different repair methods were proposed for struc- 
tural repair of the tunnel depending on the extend of damages and defects observed during 
structural inspection of the tunnel. To expedite repair procedure, these repaired were based on 
the implementation of steel fiber reinforced shotcrete which made the repairs easy and quick to 
apply. Steel fiber reinforced concrete was used to construct the cast-in place U-shaped founda- 
tion and precast invert T-shaped panels. The use of steel fiber reinforced concrete for U-shaped 
foundation facilitated and accelerated the construction by eliminating the need for rebars while 
there was no need to take any measures to control stray currents. Further, the precast steel 
fiber reinforced panels resulted in a significant cost and time savings. The production of panels 
was much more efficient with higher quality while their installation in the tunnel was quick and 
easy. The detonation of leftover explosive material from the original construction of the tunnel 
resulted in strict safety measures and use of remote-controlled equipment for all drilling in the 
tunnel, even if it does not reach the bedrock. The anchorage system of the electrical and mech- 
anical network and equipment were redesigned to respond all the limitations of remote drilling. 
Full-scale unconfined pull-out tests were conducted to validate the anchorage system for direct 
attachment to the portion of the tunnel in exposed rock without concrete liner. 
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ABSTRACT: The development of the Montreal metro Line 5 also known as Blue Line Exten- 
sion toward the northeast are located between the existing Saint-Michel station and Anjou. It 
consists of 6-km long double track tunnel, five new stations and seven auxiliary structures. Most 
of tunnel length (5.5 km) will be excavated by a 9.6 m diameter shielded rock TBM and supported 
by a precast segmental tunnel lining system. Based on the project master schedule, the five sta- 
tions will be built first and then the TBM will skid through the already built stations. For the 
inter-station tunnels, the shielded rock TBM excavation method with segmental liner installation 
was selected based on the existing geotechnical challenges, evaluation of the project construction 
cost, schedule and risk, noise, and vibration. TBM will be fitted for probing and pre-excavation 
grouting to control water inflow into the tunnel during the excavation in fractured limestone and 
shale formation under the downtown of Montreal where lower rock quality and high water infil- 
tration rates are anticipated. The latest development in segmental liner technology and the latest 
segmental liner design code ACI 533.5-20 were used for the design of the tunnel segmental liner 
of this project. The stations and auxiliary structures will be built using the controlled drill and 
blast method or roadheader. Two thin layers of shotcrete separated by a layer of spray-on mem- 
brane will be used as the initial and final liner of the underground stations and auxiliary structures 
resulting in significant construction cost and time savings. This paper presents major design 
aspects of the TBM tunnel and mined station caverns of this major project in Montreal, Canada. 


1 INTRODUCTION 


The extension of the Blue Line metro is an integral part of the Montreal strategic plan for the 
development of public transit. The Société de Transport de Montréal (STM) plays the role of 
public body initiating and managing the project. This major infrastructure project provides 
for the addition of five underground stations and seven auxiliary structures connected by 
nearly 6.0 kilometers of a double track tunnel. It also includes an underground storage track 
and maintenance facility. The project cost is estimated at about $6.4 billion CAD and its 
expected service date is in 2029. For the first time in North America, Blue Line extension 
metro system is designed with a single side-by-side track tunnel without a separating center 
wall. This will be the first use of a TBM in the history of the STM which will speed up the 
excavation process, reduce noise and vibration impacts and contribute to the infrastructure 
quality of extended section of Blue Line. 

The extension of the Blue Line of the Montreal metro will allow approximately 25,600 users 
during the morning peak period to benefit from a reliable and fast service, and above all from 
improved access to the infrastructure network of public transport. This will be equivalent to 
removing 5,300 cars from the city streets and reducing the travel time between the two ends 
from currently 40 minutes by bus to only 15 minutes. Each station will have a main entrance 
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and a secondary entrance located diagonally at each of the intersections and connected by 
underground pedestrian walkways. To ensure that they are universally accessible, the stations 
will all be equipped with escalators and elevators in main entrances. The final design of the 
project is completed, and the underground work package is now out for bid. 

Construction will begin with underground stations and auxiliary structures, followed by the 
excavation of tunnels to connect them. Most of the tunnel (5.5 km) will be excavated by a 
9.6 m diameter shielded rock TBM and supported by precast segmental lining system and 
a segment of the tunnel (about 0.5 km) will be excavated by roadheader and supported by 
shotcrete initial and final liners. The underground stations and auxiliary structures shafts will 
be excavated by drill and blast method and their tunnels will be mined using roadheader and 
supported by shotcrete initial and final liners. Figure 1 shows the layout of the tunnel, under- 
ground stations, and auxiliary structures. 


PLAN DES NOUVELLES INFRASTRUCTURES 
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Figure 1. Layout of the tunnel, underground stations, and auxiliary structures. 


2 GEOLOGICAL SETTINGS 


Based on the geological map of the island of Montreal and as shown in Figure 2, the project 
route would be in the following geological formations: 


e Deschambault formation only for the small portion of the tunnel in the south. 

e Montreal (Saint Michel and Rosemont members) formation. 

e Tetreauville formation in the north. 

¢ Intrusive in the form of dykes and/or sills which can be present in the rock mass randomly. 


The Deschambault formation consists typically of a bioclastic crystalline limestone, thick- 
bedded, cross-bedded, containing several coquina and fragmented shell beds. Limestone is light 
grey to dark, slightly brown, and varies from very fine to very coarse grained. Bedding is irregular 
and the numerous basins and tabular cross bedding are accentuated by the presence of argilla- 
ceous laminae. Otherwise, shale beds are sparse or non-existent, although more present at the top 
of the formation. 

The Montreal Formation is predominantly limestone with thin shale interbeds. It is made 
up of a wide variety of lithologies (semi-crystalline, micritic or crystalline limestones), but 
clayey limestone in thin and irregular beds and very bioturbated predominates. The formation 
is subdivided into two wildlife areas corresponding to two members: the member of Saint- 
Michel at the base, and the member of Rosemont at the top. The Rosemont member is defined 
as the upper member of the Montreal Formation. The Rosemont member is mainly composed 
of limestone with thin interbedded shale. It consists of a wide variety of lithologies (semi- 
crystalline, micritic or crystalline limestones), but typically includes argillaceous limestone 
with wavy bedding. Its chemical composition indicates that it is slightly dolomitic. 

The Tétreauville formation consists of a dense, dark bluish gray limestone, occurring in beds of 
2 to 15 cm, alternating with beds of shales of 2 to 6 cm. The limestone is clayey, micritic, clean 
and in places contains crystalline lenses a few centimeters thick. Generally, the shale and lime- 
stone beds are very clearly separated from each other, which distinguishes this formation from 
other units of the Trenton group. When exposed to air, limestone takes on a characteristic light 
yellowish color. In several places, a strong smell of petroleum emanates from the rock. 
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The intrusive rocks mainly include gabbro, syenites and carbonatites. They occur in the 
form of sills and dykes that are distributed randomly in the surrounding sedimentary rocks. 
When intact, these rocks are generally more resistant and more abrasive than their sediment- 
ary host to which they have sometimes induced a slight contact metamorphism. 
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Figure 2. Geological Map of the project route. 


The sedimentary formations in Montreal area form a series of open northeast/southwest 
trending synclinal and anticlinal folds characterized by shallow dips. The project is located 
along the southeast flank of the Villeray anticline, parallel to its axis that is plunging towards 
northeast. Given the structural complexity of the Island of Montreal and the probable exten- 
sion of the pre-identified faults (named Saint-Vincent-de-Paul I and II), these faults could 
potentially be encountered along the northern part of the tunnel route. There are signs of 
a glaciotectonic phenomenon in the area of one of the auxiliary structures which causes tilting 
of large rock fragments from 1 to more than 3 m thick. 

Except a few meters of fractured/weathered zone observed on the top of the bedrock and at 
the locations of localized fractured zones, the rockmass is competent in general with 
RQD>75. The quality of bedrock usually gets better with increase in depth due to increase in 
fracture spacing. In the competent rock mass, the discontinuities have fair to good surface 
quality. Based on the Rock Mass Rating (RMR) Classification system, the rockmass is mostly 
classified as Classes II and HI, with occasional Class IV. Using the Geological Strength Index 
(GSI) rockmass characterization method, the GSI of the rockmass varies in the range of 47- 
77, corresponding to the RMR Classes of III to II. 

The results of laboratory tests on intact rock samples give the average range of values of 25-27 
KN/m?, 90-120 MPa, 40-50 GPa, and 0.8-1 for Unit Weight, Uniaxial Compressive Strength, 
Young Modulus, and Cerchar Abrasivity Index, respectively. The groundwater table is approxi- 
mately at the interface of soil and rock. The hydraulic conductivity varies between 4 x 10% cm/ 
sec to 1 x 10° cm/sec. Typically, the hydraulic conductivity of rock mass reduces with increasing 
depth. Majority (about 85%) of Lugeon readings are small (Lugeon values less than 5). High 
horizontal stress condition is present in Montreal Formation with Ko in the range of 1.5-2.5. 
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3 PRECAST SEGMENTAL LINING 


The rolling stock used for this project are running on pneumatic wheels and are energized by 
third rail. The internal diameter of the tunnel is determined as 8,600 mm considering construc- 
tion tolerance of 100 mm on the radius. This tolerance which is required by ACI 533.5R-20 
includes production tolerances of segments, tolerances of placement of ring centerlines and 
ring ovalization following the ring erection. For TBM tunnel, a watertight circular one-pass 
lining system with precast concrete segmental rings is adopted. The size of the segmental ring 
is defined by the internal diameter, thickness, and length of the ring. The internal diameter of 
the tunnel is determined as 8,600 mm after the spaceproofing exercise. The thickness of seg- 
ments is initially considered as 350 mm, which was validated for structural capacity against all 
governing load cases. Length of the segmental rings is 1.80 m, which was optimized consider- 
ing the alignment curvature (curve radius of 250 m) and the efficiency of tunnel works. As 
shown in Figure 3, the ring geometry consists of seven (7) ordinary segments and one small 
key segment, almost 1/3" of the size of the ordinary segments. This configuration is referred 
to as a 7+1 ring. The arc angle and curved length of the reverse key segment are designed 
slightly smaller than other ordinary segments. Consequently, the arc angle and curved length 
of the key segment is slightly larger than one-third (1/3"$) of the ordinary segments. Together 
with tapered longitudinal joints of segments, this optimized design inherently prevents cre- 
ation of crucifix joints in the tunnel, despite all relative rotations of the ring during TBM navi- 
gation of curve and tangent drives (Figure 4). To create staggered longitudinal joints, the 
angles between ordinary segment joints and tunnel axis is considered as 8°. The ring taper is 
designed based on the radius of the tightest curve in the alignment, the length of the ring, and 
the outer diameter of the tunnel. Total ring taper is 100 mm or +50 mm at the centerline of 
the key and reverse-key segments. 

The proposed segmental ring geometry and configuration have an important advantage 
over any other segmental ring configurations. The proposed ring configuration inherently pre- 
vents the creation of crucifix joints, which are more susceptible to groundwater leakage. In 
comparison to ring designs in which some of relative rotations of the ring are prevented to 
negate crucifix joints, this optimized ring design allows for all possible relative ring rotations. 
This leads to less deviation from theoretical tunnel alignment, a more accurate lining installa- 
tion, and less construction tolerances required for the segmental rings- which directly impacts 
the gasket watertightness resistance and sealing performance of tunnel. 

A universal ring system is proposed for the TBM tunnel, and the key segment can be 
located anywhere in the tunnel for turning the ring into any desired direction: up, down, left, 
right, and their combinations (Figure 5). The main advantage of this system is the simplifica- 
tion of segment production and ring installation because of the requirement of only one type 
of formwork set, which yields significant cost savings. The segmental ring geometry is 
designed as rhomboidal or parallelogrammical-trapezoidal segments, consisting of ordinary 
segments in the shape of parallelogram, a normal key, and a reverse key segment in the shape 
of trapezoid (Figure 4). In comparison with other (i.e. hexagonal, rectangular and trapezoidal 
systems) systems, the rhomboidal segment system is the most advanced system because it pre- 
vents crucifix joints, has a higher sealing performance, features a continuous ring build from 
bottom to top, and is compatible with a dowel connection system. 

The tapered longitudinal joints provide a major advantage over rectangular systems by prevent- 
ing early gasket friction during segment insertion in the ring assembly phase, which facilitates the 
use of fast connecting dowels in circumferential joints. Longitudinal and circumferential joints are 
designed as completely flat joints, which are advantageous for load transfer between the segments 
and the rings, compared to other types of joints. In addition, flat joints are proven to have super- 
ior sealing performance. Bolt connection was designed for the longitudinal joints and dowels were 
chosen for connecting rings in the circumferential joints, as these require less construction work 
for the segment formwork and less manpower in the tunnel during the installation, when the inser- 
tion is automatically performed by the TBM erector. The SOF-FAST dowel system was designed 
and chosen as the dowel connection device system for circumferential joints. This type of dowel 
reduces construction tolerances and offsets between segments of adjacent rings and limits ring roll 
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and segment stepping, all of which improve gasket performance and reduce the possibility of 
cracking due to joint misalignment. The gasket for sealing joints between segments is designed as 
an anchored gasket, which offers a much higher pull-out resistance, compared to a conventional 
glued gasket system. The designed gasket provides a water pressure resistance exceeding the max- 
imum groundwater pressure in the entire alignment, by accounting for the relaxation factor for 
tunnel service life (125 years) and any potential gaps and offsets between segment gaskets due to 
construction tolerances. At the specified gap and offset of 5 mm and 10 mm respectively, the 
water resistance of the designed gasket profile is 10 bar, which provides a safety factor of more 
than 3 at the location of maximum groundwater pressure in the alignment. 
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Figure 4. Developed plan on intrados of the ring in tangent alignment. 


From the structural design point of view, performed analysis and design procedures follow 
the latest ACI codes (ACI 533.5R-20 and ACI 544.7R-16) and the ITA guideline (ITA Report 
no. 22, 2019), and satisfies the intended objectives of the project during construction and ser- 
vice life of the tunnel. The structural design was carried out using the load and resistance 
factor design (LRFD) design method recommended by the aforementioned codes. Precast 
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tunnel segments are designed to be made of very high-strength, double hooked-end fiber- 
reinforced concrete (FRC). FRC segments are superior for crack control and more cost effect- 
ive overall and are therefore the preferred solution for this project. Minimum compressive 
strength of the concrete at 28-day and at the time of stripping (demolding) was designed as 60 
MPa and 15 MPa, respectively, to satisfy the structural demand for governing load cases and 
the durability of the tunnel for its intended service life. An optimized concrete mixture was 
designed for production of segments to achieve a high early-age strength for stripping 
(demolding) and a high-performance concrete for long-term durability. Designed steel fiber 
satisfies the serviceability requirements by limiting time-dependent effects of creep on crack 
opening. Ductility requirements are guaranteed in conventional fiber dosages of less than 
40 kg/m*, by providing an ultimate bending moment higher than the cracking bending 
moment. Minimum required fiber content for segment reinforcement of 40 kg/m? and residual 
flexural strengths of 4.8 MPa at 28 days and 2.4 MPa at the time of formwork stripping were 
designed based on the required structural demand, obtained from analysis discussed above. 
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Figure 5. Negotiation of tunnel alignment by rotation of key segment in a tangent drive (from left to 
right, isometric view, plan view, elevation view). 


4 UNDERGROUND STATIONS AND AUXILIARY STRUCTURES 


The new line has five underground stations and seven auxiliary structures. The stations have typ- 
ically a cut and cover main entrance box and a mined tunnel which contains the station side plat- 
forms. This tunnel in excavated by roadheader and supported by permanent bolt and shotcrete 
liner. The auxiliary structures are located between the stations to provide emergency exit accord- 
ing to the NFPA 130 requirements. They are also used to house a tunnel ventilation plant and 
a tunnel drainage facility. Figure 6 shows a typical underground station and auxiliary structure. 

For the support of excavation system, the design included shotcrete with rock bolts. Prior to 
bolting, a first layer of 5cm of steel fiber reinforced shotcrete, designed specifically for the cold 
Montreal temperature, is sprayed onto the rock. The rock bolts are installed on top of this first 
layer. The shotcrete and the bolts represent the initial support of the excavation. Once the rock 
bolts are installed, a spray-on waterproofing membrane is applied on top of this first shotcrete 
layer and the rock bolts’ end hardware. This is later covered by an additional 5cm of steel fiber 
reinforced shotcrete. Figure 7 shows the details of the initial liner with bolt and shotcrete, 
spray-on waterproofing membrane and the shotcrete final liner. With the spray-on waterproof- 
ing membrane, the designed support system represents both the initial and the final liner. 

The first use of this configuration in North America was for a pump station cavern in Indian- 
apolis, but the first use of this approach for a major transit station in North America was in the 
Edouard Montpetit Station, Montreal. Advantages of this configuration are numerous, both in 
terms of design and constructability, compared to the typical approach consisting of an initial 
temporary support, a sheet membrane and a permanent cast in place concrete final liner. Effect- 
ively, the initial liner, which would typically be considered only as temporary support, now serves 
as both temporary and permanent, as this configuration allows load transfer from the initial 
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lining to the final lining. As a result, the overall lining thickness is reduced compared to a typical 
design. In terms of constructability, the use of a spray-on waterproofing membrane instead of typ- 
ical sheet membrane represents labor saving, less logistics with no formwork, and is much easier 
to work with, particularly where excavation configuration varies. Note that the selected spray-on 
membrane is not well-suited for cases with high water inflow and large water head. 


Figure 6. Typical underground station (left) and auxiliary structure (right). 
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Figure 7. Initial and final liner system (left) and excavation sequence (right). 


Durability has always been a critical factor in the permanent structure design for transit sys- 
tems. The durability requirements for this project include a lifespan of 125 years. Hence, all mater- 
ials used as part of the permanent structure and lining had to be selected or designed accordingly. 

Durability of the rock bolt is ensured using CombiCoat® protected CT-bolts, as manufac- 
tured by Vik Ørsta. The main degradation mechanism for rock bolts is corrosion, against 
which the protective properties of the CombiCoat® coating system include hot dip galvaniz- 
ing, phosphating, and epoxy powder coating. In addition to these protective layers, the rock 
bolts will be fully grouted, which means that they are not expected to be exposed to oxygen. 
In terms of durability, these fully grouted CombiCoat® CT-bolts are designed to last at least 
150 years as estimated by the research group SINTEF in 2016. 

The steel fiber reinforced shotcrete main degradation mechanisms include corrosion of the 
steel fiber, mainly by the effect of carbonation and the ingress of chlorides, sulfide/acid attack, 
granular alkali reaction, and freeze and thaw cycles. The durability requirement for this project 
is higher than the normative ACI or Eurocode standards. As such, the design was developed 
based on an exposure class type of approach. The mix designs were developed using laboratory- 
based formulations designed to resist the different degradation mechanisms identified above. The 
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formulations were based on various tests as specified by Fib 34, including ASTM C1202, NT 
Build 492-99, ASTM C457 and AASHTO TP-95-14. 

For waterproofing, MASTERSEAL® 345 spray-on membrane manufactured by BASF 
was selected for this project since it has been used on numerous tunneling projects with design 
service life more than 100 years. This membrane is based on a copolymer of ethylene and vinyl 
acetate mixed with fast setting cement which forms a layer of polymer (plastic) and acts as 
a barrier against water penetration. Water can diffuse through the membrane in the form of 
steam, but if water pressure is applied, the long chain polymers are brought together, and the 
water movement is prevented. This membrane was designed specifically for use in under- 
ground structures. In addition to its inherent durable chemical composition, the key compo- 
nent of this membrane in terms of durability resides in the fact that it is sandwiched between 
two layers of steel fiber reinforced shotcrete, limiting its exposure to temperature changes or 
UV rays, which would be the two main degrading mechanisms. 


5 CONCLUSIONS 


The extension of the Montreal Blue Line metro toward the northeast consists of a 6-km long 
two-track tunnel, five new stations and seven auxiliary structures. These underground stations 
and auxiliary structures will be built first using mainly roadheader when practical and drill 
and blast excavation method. Then TBM will be used to excavate tunnels connecting these 
structures. This is the first time in North America that a Metro system is designed with 
a single side-by-side track tunnel without a separating center wall. For supporting the excava- 
tion of stations and auxiliary structures two thin layers of shotcrete combined with permanent 
rock bolts and a sandwiched layer of spray-on waterproofing membrane are used for both ini- 
tial and final liners of these underground structures resulting in a more sustainable solution 
and an optimized design and construction process. The final design of the project is recently 
completed, and the construction is planned to start at the beginning of 2023. 
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ABSTRACT: The Réseau Express Métropolitain (REM) is an electric and fully automated, 
light-rail transit network designed to facilitate mobility across the Greater Montreal Region 
(Canada). This new transit network will be linking downtown Montreal, South Shore, West 
Island, North Shore and the Airport. Spanning over 67 kilometers once completed, the REM 
will be one of the largest automated transportation systems in the world after Singapore, 
Dubai and Vancouver. The REM system will connect to existing bus networks, commuter 
trains and three lines of the Montréal metro (subway). To deliver this major design-build pro- 
ject, several underground works are undertaken. One of the major and challenging under- 
ground works of this project is the Edouard-Montpetit Station. The Edouard-Montpetit 
Station is an interchange station that will connect the deeply sitting REM tracks laid within 
the century-old existing Mont-Royal tunnel to the existing metro station of the same name 
located closer to the surface. The tracks being located at approximately 70m below surface, 
the Edouard-Montpetit station will be the deepest in Canada. This paper will present various 
components of the design and construction of this deep underground station and the numer- 
ous challenges and solutions put forth for its successful completion. It discusses a case of 
a very deep transit station located in a dense urban area and excavated in hard rock on top of 
an existing 100-year-old tunnel. The details of design and construction as well as their specific 
challenges are explained, and the solutions selected to overcome these difficulties are 
described. Two thin layers of shotcrete combined with permanent rock bolts and a layer of 
spray-on waterproofing membrane are used for both initial and final liner of the station 
shafts, tunnels, and caverns resulting in an optimized design and construction process. 


1 INTRODUCTION 


1.1 Edouard-Montpetit station 


Réseau Express Métropolitain (REM) is a new light-rail transit system in Montreal, Canada, 
that is currently under construction. With an overall length of 67km and 26 stations, once com- 
pleted, it will be the fourth longest automated light-rail network in the world. In the area of 
interest, the REM tracks will be going from the Montreal Financial District to the University 
of Montreal campus through an existing tunnel located underneath the Mont-Royal Moun- 
tain. Edouard-Montpetit Station is one of the deepest underground stations in North America 
with a depth of 70m in rock. This case study discusses the unique features of the station, such 
as the excavation support, structural and architectural solutions to allow for efficient use of 
spaces, while maintaining the station functionality and meeting regulatory compliance. It will 
present an overview of the design and construction aspects and the innovative solutions put 
forth for its successful completion. 

REM consists of three Branches: The Saint-Anne Bellevue Branch, the Deux-Montagnes 
Branch, and the Airport Branch (Figure 1). The underground segment includes the design and 
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construction of a new bored tunnel in the Airport Branch and three underground stations, one in 
the Airport Branch, and two which will be connected to the existing Mont-Royal Tunnel in the 
Deux-Montagnes Branch. Edouard-Montpetit Station was designed to be aligned with the exist- 
ing Mont-Royal tunnel to connect to Montreal’s subway blue line station of the same name, link- 
ing the University campus with the network at the intersection of Vincent D’Indy Avenue and 
Edouard-Montpetit Boulevard. At this intersection, the REM tracks are at an approximate depth 
of 70m below surface. 


es. 


noparc Statis 
jouard-Montpetit Station 
—— AE Tun 


MCGill Station 
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Figure 1. REM project branches and underground component. 


1.2 Geological characteristics 


The geology of Montreal consists of a variety of sedimentary horizons dating from the Precam- 
brian, Cambrian, and Ordovician periods. The main associated lithologies are limestone and 
shale. Intrusive rocks dating from the Mesozoic/Cretaceous period are also encountered through- 
out Montreal, intersecting the sedimentary layers. The strata are generally sub-horizontal layers 
of sedimentary rock. However, events such as faulting, folding, glaciation and isostatic movement 
have shaped the strata differently in certain regions of the island. 

Edouard-Montpetit Station is located almost entirely within the Trenton formation which 
consists of interbedded limestone/shale packages and argillaceous limestone. The station is also 
located near the Mont-Royal intrusion which consists of gabbros, monzonites and breccias, 
resulting in a significant number of hard dikes and sills. In this area, probably resulting from the 
contact metamorphism due to the close proximity of the Mont-Royal intrusion, the sedimentary 
rock profile shows hard rock properties, with uniaxial compressive strength (UCS) varying 
between 125 and 180 MPa and Young’s modulus varying between 75 and 88 GPa. 


2 DESIGN ASPECTS 


Edouard-Montpetit Station is designed for a 125-year life span considering a passenger load 
superior to 6,000 passengers during the 3-hour peak period. The design was developed for the 
successful achievement of the following objectives: 


e Ensuring safety and stability of the opening during construction 

° Ensuring safety and stability of the opening for its full-service lifetime 
e Minimizing impact and disturbance to the surrounding structures 

e Meeting the Owner’s requirements 

e Minimizing cost, duration, and risk of construction 
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The main design constraints and driving components of the design are presented in the follow- 
ing sections. In addition to challenges pertaining to the deep tunnels and shafts, the main com- 
ponents governing the overall design and underground space of the station are the passenger 
flow requirements as well as the tunnel ventilation system and philosophy. To design the station 
adequately and efficiently, the entire design was developed using Building Information Modeling 
(BIM), allowing continuous optimization and clash detection analysis where over 11 engineering 
disciplines were simultaneously working on the design of the station. Figure 2 shows the multi- 
disciplinary application of BIM. 


Structural Framing / Electromechanical equipment 


Main shaft 


Figure 2. Multidisciplinary 3D Model of the Edouard-Montpetit station design. 


2.1 Architectural and structural design 


The urban integration of the station is ensured through a signature architectural design. The sta- 
tion is located within a densely populated area, in the close vicinity of major sensitive infrastruc- 
ture, resulting in major constraints related to urban landscape design, connection to existing 
infrastructure, and limited construction site limits. The station will be located near the existing 
train tracks, at depth, and will be accessible through highspeed elevators which will be located 
within the access shaft. The entrance at street level will be defined by a clear transparent volume, 
which creates a strong relation between the entrance and its setting, maintaining a clear visual axis 
between the street and the existing surrounding buildings. Its location in the heart of Mont-Royal 
Mountain is echoed in the station with exposed rock areas throughout the mezzanine and plat- 
form areas (Figure 3). Above-ground mechanical elements are grouped together in clear volumes, 
without deviating from the refined shape of the pavilion. All the other technical elements are 
grouped together in the underground levels of the station to minimize its footprint above ground. 

The underground structure is divided into three main parts: vertical shaft, mezzanine level, 
and platform area. The vertical shaft has 16 main levels where the electromechanical equip- 
ment is placed. The mezzanine level is the area connecting the vertical shaft and the platform 
and it consists of two large caverns in the front and back of the base of the shaft and a tunnel 
connecting to the platform via escalator tunnels and perpendicular adits for the stairs. The 
platform has only one level which is sloping following the track alignment. The total floor 
area of the building is approximately 97m x 83m. All floors consist of a steel structure (beams/ 
girders/columns) and normal weight concrete slab resting on a 76mm, 18-gauge, composite 
steel deck. The total thickness of the composite slab is 200mm. The existing tunnel that runs 
along the future station will be enlarged to an approximately 17.5m wide and 90m long cavern 
to accommodate for the design requirements of the new station. 
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Figure 3. Façade at street level (left); Exposed rock windows throughout the station (right). 


2.2 Ventilation 


Edouard-Montpetit Station will serve as a ventilation plant for the Mont-Royal tunnel in case 
of an emergency and for operational purposes. In this configuration, the station is used as 
a fan plant to operate in pull, push or pull-push mode to generate a longitudinal flow along 
the existing Mont-Royal tunnel. The project technical requirements ask for a mechanical lon- 
gitudinal ventilation system be provided to sweep the smoke and heat from a tunnel fire along 
the existing Mont-Royal tunnel to one side of the fire and maintain tenable environment, as 
defined by NFPA 130, on the other side of the fire, where the tunnel occupants will be evacu- 
ating the tunnel, making the station a potential emergency exit. 

Two bi-directional vertical fans provide emergency ventilation at the station in the event of 
a fire. These are connected to the concourse and platform levels through a structural corridor, 
ventilation control devices (i.e., elbows, louvers, dampers etc.), and the ducting system. Each fan, 
with a maximum capacity of 120 m’/s, is designed to ensure a bearable environment of the escape 
routes in the event of fire. During a fire emergency, depending on the location of the source of the 
fire, one of the fans brings in fresh air to the platform and concourse levels, while the other fan 
extracts smoke from different parts of the station, transfers the combustion products to street 
level and releases them into the atmosphere. The tenability of the station entrances depends on 
the location of the exhaust tunnel ventilation shaft opening at street level and the wind direction. 
Additionally, the wind direction, position of the shafts and the associated openings at the street 
level play a key role on the smoke recirculation from the exhaust into the intake shaft and open- 
ings. Extensive Computational Fluid Dynamics (CFD) analyses were carried out to assess the 
smoke recirculation from the exhaust shaft into the intake shaft and entrances, and to evaluate 
the visibility and temperature near the station entrances during a train fire event at the station. 


2.3 Passenger flow 


As mentioned earlier, the station is expected to be a high traffic station with a passenger load 
superior to 6,000 passengers during the 3-hour peak period. In addition, the station will be 
accessible by elevators only during regular service, requiring a significant additional number 
of analyses to identify the elevators specifications in terms of capacity, speed, doors opening, 
and acceleration, to ensure all passenger flow requirements are met. 

The station has a side platform configuration with platform screen doors that create 
a physical separation between the passenger platform environment and trainway, which helps 
to confine smoke in the event of a train fire at the station. Passengers leave the platform by 
ascending the public stairs to the mezzanine where access to an elevator and exit stairway is 
provided. Passengers are transported from the mezzanine to the entrance at street level via 
elevators that are designed to operate both during normal service and emergencies. Addition- 
ally, the exit stairway leading to the surface is accessible directly from the platform through an 
exit corridor that is fully segregated from the mezzanine. The exit corridor can be accessed 
directly from each platform through the emergency staircases. Accessible from the segregated 
corridor, the exit stairway shaft is accounted for as a second means of egress in addition to the 
elevators. Given the multiple flights of stairs to reach the surface, oversized landings are pro- 
vided to allow passengers with the opportunity to rest. 
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These various constraints make the passenger flow requirements and analyses a critical item 
in the design of the station. An iterative process was put forth to make sure that the various 
requirements were met as the station design was being optimized. The basic steps of this pro- 
cess are described below. 


1. A static analysis is carried out to determine the global dimensions of the station that are 
required. 
2. Congestion zones are investigated in terms of location and required flow, and the zones are 
being optimized 
. A sensitivity analysis is carried out considering a missed headway. 
4. An emergency exit scenario is performed to ensure the safe exit of all passengers in a timely 
manner. 


w 


3 SUPPORT OF EXCAVATION 


3.1 Initial and final liner 


For the support of excavation, the design included shotcrete with rock bolts. Prior to bolting, 
a first layer of 5cm of steel fiber reinforced shotcrete, designed specifically for the cold Montreal 
temperature, is sprayed onto the rock. The rock bolts are installed on top of this first layer. The 
shotcrete and the bolts represent the initial support of the excavation. Once the rock bolts are 
installed, a spray-on waterproofing membrane is applied on top of this first shotcrete layer and 
the rock bolts’ end hardware. This is later covered by an additional 5cm of steel fiber reinforced 
shotcrete. Figure 4 shows the details of the initial liner with bolt and shotcrete, spray-on water- 
proofing membrane and the shotcrete final liner. With the spray-on waterproofing membrane, 
the designed support system represents both the initial and the final liner. 
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Figure 4. Initial and final liner system. 


This configuration was first used in North America for a pump station cavern in Indianapo- 
lis, but it is the first time this approach is used for a major transit station in North America. 
The advantages of this configuration are numerous both in terms of design and constructabil- 
ity in comparison to the typical approach which would consist of an initial temporary support, 
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a sheet membrane and a permanent final liner. Effectively, the initial liner, which would typ- 
ically be considered only as temporary support, now serves as both temporary and perman- 
ent, as this configuration allows load transfer from the initial lining to the final lining. As 
a result, the overall lining thickness is reduced when compared to the typical design. In terms 
of constructability, the use of a spray-on waterproofing membrane instead of the typical 
sheet membrane represents labor saving, less logistics and is much easier to work with, par- 
ticularly where the excavation shape configuration varies. However, it should be noted that 
the selected spray-on membrane is not well-suited for cases with high water inflow and large 
water head. 


3.1.1 Durability 

Durability has always been a critical factor in the permanent structure design for transit systems. 
As mentioned earlier, the requirement for this project is of 125 years lifespan. Hence, all mater- 
ials used as part of the permanent structure and lining had to be selected or designed accordingly. 
The shotcrete mix was specified based on the criteria that guarantee that the designed service life 
can be achieved. The minimum requirements are summarized below: 


Table 1. Shotcrete mix design. 


Minimum compressive strength 


Characteristic MPa 
At 10 hours 7 
At 24 hours 18 
At 7 days 28 
At 28 days 42 


The maximum water cement ratio was specified 0.38 and the minimum total cementitious 
materials 475 kg/m*. Silica fume was specified at 5% of the cementitious materials weight and 
the ground granulated blast-furnace slag at 22% of the cementitious materials weight. The 
maximum aggregate size is 10 mm with minimum air content at 5% shot. 

Durability of the rock bolt is ensured using CombiCoat® protected CT-bolts, as manufactured 
by Vik Ørsta. The main degradation mechanism for rock bolts is corrosion, against which the 
protective properties of the CombiCoat® coating system include hot dip galvanizing, phosphat- 
ing, and epoxy powder coating. In addition to these protective layers, the rock bolts will be fully 
grouted, which means that they are not expected to be exposed to oxygen. In terms of durability, 
these fully grouted CombiCoat® CT-bolts are designed to last at least 150 years as estimated by 
the research group SINTEF in 2016. The selected thread designation was M22 with outer rebar 
diameter of 21.7mm. The characteristic yield load of the bolt (without grouting) is 194 kN and 
the characteristic ultimate load (without grouting) is 242 kN. The borehole diameter ranges 
between 44mm and 51mm with delivery lengths between 1.5m and 6m. 

The steel fiber reinforced shotcrete main degradation mechanisms include corrosion of the 
steel fiber, mainly by the effect of carbonation and the ingress of chlorides, sulfide/acid attack, 
granular alkali reaction, and freeze and thaw cycles. The durability requirement for this project 
is higher than the normative ACI or Eurocode standards. As such, the design was developed 
based on an exposure class type of approach. The mix designs were developed using laboratory- 
based formulations designed to resist the different degradation mechanisms identified above. The 
formulations were based on various tests as specified by Fib 34, including ASTM C1202, NT 
Build 492-91, ASTM C457 and AASHTO TP-95-14. 

For waterproofing, MASTERSEAL® 345 spray-on membrane manufactured by BASF was 
selected for this project since it has been used on numerous tunneling projects with design ser- 
vice life more than 100 years. This membrane is based on a copolymer of ethylene and vinyl 
acetate mixed with fast setting cement which forms a layer of polymer (plastic) and acts as 
a barrier against water penetration. Water can diffuse through the membrane in the form of 
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steam, but if water pressure is applied, the long chain polymers are brought together, and the 
water movement is prevented. This membrane was designed specifically for use in underground 
structures. In addition to its inherent durable chemical composition, the key component of this 
membrane in terms of durability resides in the fact that it is sandwiched between two layers of 
steel fiber reinforced shotcrete, limiting its exposure to temperature changes or UV rays, which 
would be the two main degrading mechanisms. 


4 CONSTRUCTION 


As in all other major construction sites, safety has been always the priority in planning and 
executing all construction activities. From the construction point of view, the major challenges 
of building the Edouard-Montpetit Station were the following: 


e Proximity of major existing facilities and structures 

e Very deep station excavated by the controlled drill and blast tunneling method 

e Very limited area available at the ground surface to locate the required equipment 
e Highly restricted levels of allowable environmental impact parameters 


4.1 Drill and blast 


Because of the nature of the work, the quality of the rock and the lower initial cost of the method, 
controlled drill and blast was the selected technique to sink the deep vertical shaft and excavate 
the underground station. The excavation takes place in a densely populated area with major 
infrastructure in the near vicinity. Among those infrastructures can be found the highly sensitive 
University of Montreal Acoustic Laboratory located within meters of the excavation at shallow 
depth. Hence, several engineering controls are put in place to minimize impacts and disturbances 
(Sepehrmanesh, 2014), including line drilling, definition of a maximum round length of 3m, and 
blasting sequences and patterns designed for low impact (specific blast hole, loading and delay 
patterns). To complement this effort, a comprehensive monitoring plan, counting over 150 moni- 
toring instruments, is designed. 

To minimize the vibration impact during the excavation of the main entrance shaft, vertical 
hole drillings of 14cm diameter were performed at 11cm clear distance along the entire perimeter 
of the main entrance shaft. This resulted in a significant reduction of the blast induced vibration 
and helped to comply with the very strict peak particle velocity criteria specified for this site. 
Major constraints on the blasting operation were imposed by the Owner, such as defining specific 
time slots to perform the blasting. This resulted in a significant loss of productivity since the initial 
plan allowed to perform blasting when the site was ready and without considering any blasting 
time constraints. If a blasting time slot was not achieved, then the site team needed to reschedule 
it to the next time slot (in certain cases up to 12 hours later). 


4.2 Construction sequence 


The main construction activities are as follows. First, the rock mass is excavated by drill and 
blast, followed by the spraying of a first 5cm thick layer of steel fiber reinforced shotcrete 
liner to prevent small pieces of loose rock from falling during excavation. Then, permanent 
grouted CT-bolts of variable length, depending on the geometry, are installed, followed by 
the application of a thin layer of the MASTERSEAL® 345 spray-on waterproofing mem- 
brane. Finally, a second layer of 5cm thick shotcrete liner is applied. Figure 5 shows the exca- 
vated main entrance shaft and the tunnels below it. 

Dealing with a very deep station in combination with a very small available site area at the 
surface resulted in a situation where the definition of the construction sequence was becoming 
one of the most critical factors in achieving the planned performance. The sequence of works for 
the excavation of the first 15m of the entrance shaft after the perimeter line drilling included: 
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drilling the blast holes, charging of explosives, installation of blast mattress, blasting, removal of 
blast mattress, stockpiling of muck in a place to be removed by a long boom excavator, muck 
removal, loading of muck in the trucks and transportation to the disposal area. The sequence of 
works after arriving at 15m depth was changed to drilling the blast holes, removal of equipment 
to a bench located at 20m depth, charging of explosives, installation of blast mattress, blasting, 
removal of blast mattress, charge of muck on a skip box, removal of skip box using tower crane, 
loading of muck in the trucks and transportation to disposal area. The difference between these 
two sequences is because of the depth of the excavation (by long boom excavator to 15m depth 
vs by tower crane from 15m to the bottom of excavation). The removal of the excavated material 
using the tower crane was one of the critical activities, especially as the excavation was getting 
deeper. This task was a controlling factor for all the activities. If the excavated material was not 
removed on time, all the cycle activities (drilling, blasting, etc.) were going to be delayed. Despite 
all these constraints, the overall planned production rate of 110 m?/day was achieved. 


Figure 5. Excavation of the Edouard-Montpetit station access shaft (left); Excavation of the tunnels 
(right). 


5 CONCLUSION 


This paper discusses a case of a very deep transit station located in a dense urban area and exca- 
vated in hard rock on top of an existing 100-year-old tunnel. The details of design and construc- 
tion as well as their specific challenges are explained, and the solutions selected to overcome 
these difficulties are described. Two thin layers of shotcrete combined with permanent rock bolts 
and a layer of spray-on waterproofing membrane are used for both initial and final liner of the 
station resulting in an optimized design and construction process. 


REFERENCES 


Clark, T.H., (1972). Région de Montréal (publication no. 152). Québec: Ministére des Richesses Naturelles. 

Nasri, V., De Nettancourt, X., Patret, Ph., and Mitsch, T. 2019. Design and Construction of Montreal 
Express Link Tunnels and Underground Stations. Proceedings of Rapid Excavation Tunneling Con- 
ference 2019, Chicago, IL, June 16-19, 2019, pp. 166-177. 

Nasri, V., and Sepehrmanesh, M. 2014. Empirical and Statistical Models for Prediction of Ground 
Vibration due to Blasting in Tunneling Constructions. Proceedings of International Tunneling Associ- 
ation World Tunnel Congress 2014, Iguassu Falls, Brazil, May 9- 15, 2014. 


1655 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Application of radar measurement for energy efficient blast 
calculation by the tunneling 


J. Ortuta & M. Bakos 


Amberg Engineering Slovakia, s.r.o., Bratislava, Slovakia 


V. Greif 


Department of Engineering Geology, Comenius University Bratislava, Bratislava, Slovakia 


ABSTRACT: Reflectivity is the amount of transmitted power returned to the radar receiver. 
The reflectivity is proportional to the number and the size of the stones in a volume unit. This 
means that stone size is linearly with radar reflectivity. This paper discusses the application of 
Doppler radar as the possibility of fragmentation material measurements during the blasting and 
the direct possibility of its further use in building other construction such as road embankments 
where grain size plays a decisive role. With this refinement, it is possible to omit additional crush- 
ing of the material, which is associated with financial costs. Effective use of residual material, as 
well as mitigation of environmental impact by associated technologies, would be achieved. 


1 INTRODUCTION 


The tunneling process is generally made up of a sequence of operations including drilling, 
blasting, loading, hauling, and sometimes crushing. Drilling and blasting, being the first unit 
operations, can have a major impact on the performance and cost of subsequent operations. 
The prime objective of these two operations is to obtain optimum fragmentation within safe 
and economical limits. 

The output from the blasting process is dependent on many parameters such as rock com- 
position, layer thickness, type of explosives, etc. As a result, a quick and accurate evaluation 
process is required to assess its effectiveness. In addition, this evaluation process can be used 
to monitor blasting, optimize the blast design and assess loading conditions for scoops and 
shovels. One of the key indicators of the effectiveness of a blast is the size of the resulting frag- 
ments. To date, the most accurate method of measuring fragment size is sieving analysis. The 
drawback of this method is that it is a time-consuming and labor-intensive process. This has 
led many researchers to use blasting parameters and rock mass properties to predict the frag- 
ment size distribution. Among these parameters are jointing measurements, empirical formu- 
lae, etc. The disadvantage of the prediction methods is the lack of actual measurement of the 
fragments which may result in an inaccurate assessment. There is a need for a more reliable 
and effective way of obtaining fragment size distribution than by sieving analysis while pro- 
viding more accurate results than the predictive methods. 


2 THE DESCRIPTION OF THE SCATTERING GETTING STARTED 
This section has described the effects that control the scattering of electromagnetic waves and 


introduce the terms commonly used in the literature. 
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For simplicity, the description of the scattering process is limited here to the Mie theory, 
which explains the scattering of spherical objects and renounces the treatment of more realistic 
particle shapes. From the Mie theory is a limit for sufficiently small scatterer (r <<) the Ray- 
leigh scattering, and for r >> forth the geometrical optics. 

But first, a brief overview of a few basic concepts (electromagnetic waves, polarization and 
scattering) must be given. In the following, the usual (r, 0, @) - spherical coordinate system will 
be used (Figure 1). 


Log (scattered Energy) 


P(r,0) 
Geometrical Optics 


gee “01x,  ~10x} Log (Particle diameter) 


Figure 1. Cross section of an arbitrarily shaped, homogeneous scattering object bounded by a closed sur- 
face S. r > is the radius of the smallest circumscribing sphere centered at the origin of the particle coordinate 
system and r < is the radius of the largest concentric inscribed sphere [Mishchenko et al., 2003]. 


3 GRAIN SIZE DISTRIBUTION AND METHOD FOR DETERMINATION 


The transference of radar grain size estimates into numerical grain size prediction models is 
a very difficult task because the numerical models require both the grain size estimate and 
the uncertainty of that estimate. Quantifying the grain size uncertainty from radar observa- 
tions is also difficult because the uncertainty results from four types of errors: measurement, 
model, representativeness, and sampling. Measurement errors are due to the precision of the 
instrument. Model errors result from representing observations with idealized mathematical 
expressions. Representativeness errors are due to time-evolving changes and spatial inhomo- 
geneity of the grain sizes within the sample volume during the observation dwell time. Sam- 
pling errors result from changes in sizes between successive observations. 

Several attempts have been made already to solve the problem of measuring rock fragmen- 
tation using computer vision with varying degrees of success. The section gives a review of 
recent work that has been performed in the field of rock fragmentation and related topics in 
the mineral processing industry. 

Image analysis techniques for rock fragmentation analysis can be separated into three categor- 
ies: manual, semi-automatic and automatic. The following list gives an indication of how each of 
the categories is achieved and the types of errors that are introduced. The following list gives an 
indication of how each of the categories is achieved and the types of errors that are introduced. 

Manual methods involve an operator performing the task of delineating fragments in an 
image for digitization. Although error can be reduced by allowing human interpretation of 
indistinct fragment boundaries, the process is very slow with the result that sampling errors 
are likely to increase because fewer images can be analyzed. 

Semi-automatic methods often involve a human operator who makes corrections after a com- 
puter has outlined fragments. The computer is used to correct projection transformations and 
provide a flexible setup in which various media may be analyzed using a digitizing tablet. 

Automatic methods are achieved completely with the use of a computer that outlines rock 
fragments and calculates volume measurements using a stereological method to convert from 
the measured value of area or size. Although automatic processing can proceed more rapidly 
than manual processing with the result that sampling errors are reduced, other measurement 
errors are introduced when the computer incorrectly outlines fragments. 
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4 GRAIN SIZE DISTRIBUTION MODEL 


The received power from distributed targets can be derived from any of a variety of expres- 
sions that are applicable to radar in general. 

In radar meteorology, it is common to use the dimensions of millimeters for drop diameters 
D; and to consider the summation to take place over a unit volume of size 1 m°. Therefore, 
the conventional unit of Z is in mm®/m°. For ice particles, D; is given by the diameter of the 
water droplet that would result if the ice particle were to melt completely (Battan, 1973). 

It is often convenient to treat the drop or particle size distribution as a continuous function 
with a number density N(D), where N(D) is the number of drops per unit volume, with diam- 
eters between D and D+dD. In this case, Z is given by the sixth moment of the particle size 
distribution (Battan, 1973). 


z= J N(D).D°dD. (1) 
0 


In fact, the antenna gain is not uniform over the beam width, and the assumption of a uniform 
gain can lead to errors in the calculation of Z. Because Z values of interest can range over several 
orders of magnitude, a logarithmic scale is often used, where 


Z = 10.log,9z. (2) 


Another useful parameter used to describe the GSD is the mass-weighted mean drop diam- 
eter which is estimated using 


, (3) 


as can be seen from Equations (1) through (2), the DSD can be described in detail using N(D) 
or described in general using Z, Dy. 


5 USING RADAR REFLECTIVITY TO DETERMINE GRAIN SIZE 


The reflectivity, R is the ratio between reflected and incident intensity as the size of energy for 
example electromagnetic waves (light current) or sound waves (sound pressure, sound field size). 

Reflectivity is defined as the total reflecting area of small particles per cubic meter with 
a dielectric constant greater than zero. This value is proportional to the sixth power of the 
diameter of an object with a spherical surface. The reflectivity is the sum of all individual 
objects in a space of one cubic meter by a model of the distribution of the different grain sizes 
(Battan, 1973). 

For our measurement was used micro rain radar MRR-2 was by the company METEK, 
modified for use as volcano radar in our case as blasting radar (Figure 2). 


5.1 Radar cross-section 


Radar cross section (RCS) is a measure of how detectable an object is with radar. A larger 
RCS indicates that an object is more easily detected. 

An object reflects a limited amount of radar energy. The number of different factors 
determines how much electromagnetic energy returns to the source such as: 


e material of which the target is made, 
e absolute size of the target, 
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Figure 2. Setup of a radar station with additional schematic arrangements. 


e relative size of the target (about the wavelength of the illuminating radar), 

e the incident angle (the angle at which the radar beam hits a particular portion of the target 
which depends upon the shape of the target and its orientation to the radar source), 

e reflected angle (the angle at which the reflected beam leaves the part of the target hit, it 
depends upon the incident angle). 


5.2 Theoretical spectra 


The relationship between waveform and blasting characteristics becomes clear when one looks 
more closely at the theoretical spectra of elementary results. This is explained in the following 
two examples. 

In the first example, the particles spread out after the explosion, even with 15 m/s spheric- 
ally in all directions (Figure 3). The radar beam is aimed precisely through the center of the 
explosion. The corresponding spectrum shows maximum velocities of + 15 m/s, higher rates 
may not happen. 


Reficktivitit (ohne Einheit) 
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Geschwindigkeit in Richtung des Radarstrahls in m/s 


Figure 3. The theoretical spectrum of a spherical explosion. 


This spectrum is advantageous for the laboratory to determine the reflectivity depending on 
the size of moving particles with constant speed. 
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Figure 4. The theoretical spectrum of a directed explosion. 
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The second example shows a much less idealized situation. There will be a directed blasting, 
in which the particles with speeds of 15 to 25 m/s fly at an opening angle of + 50° around the 
radar beam (Figure 4). 

The second example can be seen as a prototype of the spectrum for blasting. By blowing up the 
energy of the explosion is limited to a range of angles. Blasting is directed almost horizontally. 


5.3 The first measurement and result 


The reflectivity is indirectly dependent on the size of each outbreak of mass proportion and/or 
the grain size distribution of the bulk material. 

The first experiment with granite shows the relationship between reflectivity, velocity, and 
grain size (Figure 5). 


Figure 5. Test material (granite) and dependency between reflectivity and velocity for different grain sizes. 


5.4 The first measurement and result 


Based on this experiment, it was possible to describe the dependence between reflectivity, vel- 
ocity and grain size. 

The results of these measurements created a relationship between grain size (D) and reflect- 
ivity (Z) (Figure 6). Due to possible measurement error (Figure 1) were determined the max- 
imum and minimum values of reflectivity for measured grain size (Ortuta, 2012). 


Figure 6. Change of reflectivity depends on changes in grain grains. 
The measured dependence between reflectivity (Z) and grain size (D) is described by: 


Zmax = 0, 4071.D+ 37, 301, (4) 
Zmin = 0,3547.D + 34, 850, (5) 
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The length of one blast is several second (Figure 7). The modified Equations (4) and (5) to 
the real situation, consisting of the blast, we get: 


4 |Zmax.i — 37,85 
Di max = i : , 
32 0,4071 | (6) 
ttt 


(7) 


Dj min = 5 


t=1 


Zminj — 34, 85 
0,3547 


Figure 7. The progress of the blasting captured by a high-speed camera (the blast duration is 5 seconds). 


Surface grain size analysis expresses the absolute value of the sum of all the measured 
reflectivity of flying particles, for the duration of the blasting from t = Is to t + t, (Figure 8). 


Crrmuletive parsing [X] 


Figure 8. Complete analysis of blasting second after second. 
6 USING OF CORRELATION RELATIONSHIP FOR GRAIN SIZE DISTRIBUTION 


The number of particles involved is very large indeed and it would be quite impossible to base 
computational procedures on any method that required a detailed description of the behavior 
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of each particle. The complexity of such procedures would mean that any useful or meaningful 
models would be entirely out of the question. But the characteristics of individual particles do 
have to be taken into account and useful models cannot be developed if these are to be based 
simply on the average properties of all the particles in the population. 

Individual particles differ from each other in many respects: the differences that are of inter- 
est in ore dressing operations are those physical properties that influence the behavior of 
a particle when subject to treatment in any ore dressing equipment. The two most important 
fundamental properties are the size of the particle and its mineralogical composition. Other 
properties such as shape, specific gravity, fracture energy, surface area, surface energy, and so 
on are also important and, in many ore dressing operations, can be of overriding significance. 
The operation of comminution and classification are primarily dependent on the size of the par- 
ticles treated but the composition, specific gravity, brittleness, and other properties can also 
influence the behavior of the particles to a greater or lesser extent during treatment. Gravity 
concentration operations exploit primarily the differences in specific gravity between particles 
and thus different mineral species can be separated from each other. 

The various physical properties are not necessarily independent of each other. For example, 
the specific gravity of a single particle is uniquely fixed once the mineralogical composition is 
specified. Likewise, the surface energy of a particle will be specified by the mineral components 
that are exposed on the surface of the particle. 

Some definite scheme for the description of the properties of the particles in the particle popu- 
lation is required that will allow sufficient detail to permit the models to be sufficiently sensitive 
to individual particle properties but at the same time sufficiently comprehensive to allow the 
economy of not having to define the properties of each particle. Such a scheme is provided by 
a description using distribution functions. 


7 USING OF CORRELATION RELATIONSHIP FOR GRAIN SIZE DISTRIBUTION 


After the evaluation and comparison of the in-situ measurement was possible to convert recorrec- 
tions for the dependence of grain size and reflectivity. The result of this correction is introduced 
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Figure 9. Grain size distribution for blast in rhyolite and graywacke. 
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Figure 10. A block diagram of the mining process (Ortuta, 2012). 
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in Figure 9. The graphs represent the different geological environment. Comparative is in a log- 
linear coordinate system. The Red line is measured by Radar during the blast, the brown line is 
a measurement of surface grain size distribution with photo analysis, and the green line measure- 
ment by Radar after equipment correction. 


8 CONCLUSION 


The idea of using a Doppler effect to detect objects in space is old more than one hundred 
years. Based on physical theories and following the mathematical descriptions was possible 
for the first radar constructed and for subsequent years to expand its use. With radars as 
revivalists and a recipient of electromagnetic waves in recent years, can we encounter them at 
every step. Also, because of its variability is currently no limit. 

This work is based on physical theory, by which it is possible to use electromagnetic waves 
to determine particle size. On this physical basis, and other auxiliary measurements and subse- 
quent in situ measurement, it is possible with great precision to determine: 


1. the kinetic properties of blast material, 

2. the technical seismicity in tunnel spaces, 

3. grain size analysis of the blasting material, 

4. the monitoring of the wall’s structure which is changing during the blasting. 


In situ measurements were conducted in places with different material structures, which 
were conducted and analyzed over 60 blasting with a very positive correlation result. After the 
establishment of a computational algorithm, the total time determining the grain size distribu- 
tion decreased to about 2 minutes after the blast. As for the comparison with the photographic 
analysis of the blasting, the material is a big difference. The radar analysis also eliminates the 
subjective determination of the decisive samples. On the other side, for this analysis is neces- 
sary to either buy or rent a radar technique, which represents an increase in prices. 

It should also be noted that the overall analysis and calculation assume a spherical particle 
shape. But that is not completely true to reality. This is the idealization that is contained in 
the photographic analysis and largely simplifies the final conversion. 

Because it is possible to adjust the position of the radar at different distances from the meas- 
ured wall, the variations in the use of the measurement are almost unlimited. During blasting 
in a tunnel (closed space), the use of a safety bell is essential. Data measurement is fully auto- 
matic and does not require a person in a dangerous position. 

After setting the blasting parameters, it is possible to do a grain size analysis right after 
blasting and determine its use without unnecessary crushing (Figure 10). 

This optimization would be able not only to save financial resources, but also to a large 
extent mitigate the impact on the environment, which is represented by cyclic blasting. 
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ABSTRACT: When faced with design problems that have significant uncertainty attached, 
geotechnical and tunnelling professionals use the instrument of the Observational Method. 
The decision to apply the observation method, or not, to a given tunnelling design problem 
can be complex. This leads to debate amongst practitioners, who approach the choice from 
various angles, due to the absence of any agreed-upon decision criterion. To solve this, 
a framework is proposed using principles of economics, probability and decision theory. The 
framework uses the theory of Expected Utility, allowing for both tangible and intangible con- 
struction costs to be accounted for. The framework is tested using case study data from 
a recent Sydney tunnelling project. Following a survey of practising tunnel Project Managers, 
a new factor is introduced termed the Cost of Uncertainty. The proposed method is a sound 
starting point when choosing between implementing the observation method or not. 


1 INTRODUCTION 


The Observational Method (OM) is a design tool for managing geological and design uncer- 
tainty. The basic principle of the method is to establish predefined-design changes that can be 
implemented during the construction phase to accommodate the actual ground conditions 
and measured behaviour. 

Whilst OM is used for a selection of problems in mined tunnels in Australia, it is not used 
in the complete arrangement from its classical Peck definition (Peck 1969). Local tunnelling 
professionals are likely to be aware that the use of the OM is not without controversy or criti- 
cism; this is due to four key constraints inhibiting its use, 


Contractual conditions which inhibit design changes during construction and the lack of 
equitable sharing of benefits and risk 

— An association between the observational method and higher levels of risk 

— A desire for certainty 

— Low trust by the client bodies in the contractor’s ability to responsibly implement the OM 


These are solvable problems; however, this article does not pursue them directly. Instead, it 
describes a method of calculating the economic utility of the observational method so that 
debate and, ultimately, a decision to adopt OM or not can be made from a common starting 
point. 
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2 DEVELOPING A DECISION MODEL 


It is expected that the framework can be used for a variety of tunnel support problems. For 
clarity, a simple and narrow scope case study is used; the design ground support for 
a sequentially mined pillar of a cavern. Data is used from a recent Sydney Tunneling project. 


2.1 The design problem 


The choice the practitioners are facing is whether to utilise OM or adopt a predefined, worse- 
case design solution (the conventional approach) for pillar support at the ‘nose’ of a Y-junction 
cavern (Figure 1). The project is large and has several caverns at different depths. Precedents in 
Sydney illustrates that when ground conditions are favourable, the in-situ rock can be used as 
the pillar, and some level of ground support/reinforcement may be installed if required. If 
poorer quality rock is encountered, the rock in the planned pillar location is replaced with 
reinforced cast-in-situ concrete prior to the excavation of the cavern and adjacent tunnel. 


Figure 1. Y-junction Cavern (A recent Sydney Tunnelling Project). 


2.2 Design Solution 


Alternative 1 — The conventional approach; replace the pillar with reinforced cast-in-situ con- 
crete regardless of ground conditions. The excavation of the cavern and adjacent tunnel ceases 
during the construction of the concrete pillar. 

Alternative 2 — The Observational Method. Three ground support options have been 
designed to account for the range of possible ground conditions (Figure 2). The design 
accounts for the cavern’s depth as support demands increase with depth (Table 1). A ground 
classification scheme is developed in tandem (Figure 3). During construction, geological map- 
ping and probing are undertaken to identify the actual conditions. The design costs are higher 
due to the additional work involved in designing multiple solutions, as are construction phase 
design costs (Cost of mapping and designer supervision during construction). 


oS a= 


PILLAR TREATMENT - OPTION A FILLAR TREATMENT - OPTION B PILLAR TREATMENT - OPTION C 
“ s ` a ern 


Figure 2. Example of Pillar Treatment Options from a Sydney Tunnelling Project. 
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2.3 The decision criteria — expected utility 


Decision theory within economics is split into two bodies of literature. One comes from classic 
decision theory, game theory, microeconomic theory, and the rational choice paradigm. It 
illustrates how mathematics can recommend rational decisions. The other is formed from 
physiological findings within the field of behavioural economics that shows the axioms of the 
first body of literature are almost all wrong and are regularly violated (The suite of research 
and discovered heuristics famously conducted by Tversky, Kahneman and others (Kahneman 
1979, Kahneman 2011, Kay 2020, Hubbard 2014, Parking 2000, Grayson 1960). 

For a decision model to be useful, it must account for both. The mathematics of objective 
choice using probability and statistics should be combined with the less tangible preferences of 
individuals or organisations. Heuristics, such as risk aversion, are significant. The solution 
comes in the form of the Theory of Expected Utility. 
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Figure 3. An example ground classification system. 


Table 1. Pillar support options at different depths for different sandstone types. The ground types are 
those in Figure 3. 


B Heavy Support Install stitching C Install cablebolts in the adjacent 


Overburden bolts + cablebolts in the adjacent crown. Replace rock with reinforced 
(m) A Spot Bolts crown concrete 

30 SS-1,SS-2 SS-3 SS-5 

55 SS-1 SS-2 SS-3 to SS-5 

90 SS-1 SS-2 to SS-5 


Expected Utility allows for the most basic financial risk analysis (weighted probability of 
costs) whilst accounting for less tangible elements such as judgement and risk appetite. 
Expected utility is used in many fields of economics to recommend which option an individ- 
ual or organisation should choose in complex situations where the outcome is unknown. 
Utility is unitless but is strongly correlated to monetary value, or, in the case of OM versus 
the conventional approach in tunnel construction, a negative correlation with construction 
cost. 

The Expected Utility, E[u], is a sum of all costs associated with a choice by the weighted 
probability of the states of nature following that choice, Eq 1 
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n 
Elu] = X_C- PIG] (1) 
where C; is the i” branching consequence (costs) resulting from a decision and P[6;] is the 
probability, P, of the state of nature 0; of that branch. Naturally, a decision tree is a useful 
model (Figure 4). Using this reasoning, the optimal decision is represented by the expression, 


Gopt = arg max{ E|u\aom), E[u|acon] } (2) 


where aopt is the optimal decision, E[uļaom] is the expected utility given the OM is used, and 
E{u|dcon] the expected utility if the conventional method is chosen. 


2.4 Analysis 


Now decision criterion is established, case study data can be added. Using a mapping data- 
base from the project, the probability distributions of tunnel side wall ground classification 
were derived, noting that these are based on the project-specific ground classification system 
built to fit parameters in (3). Table 2 shows the probability distribution of each support type. 

The cost of each ground support option and the cost of applying the observational method 
has been determined with the assistance of a practising contractor’s Project Manager (Figure 4). 
Using equations 3-5, the E, of OM and the conventional approach can be calculated as shown 
below and in Table 3. Figure 4 shows the decision tree for the 55m overburden case. 


Danign Marno 
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Figure 4. A Decision analysis tree with Expected Utility as the criteria between an OM or conventional 
design approach for the support of a pillar at 55m of overburden. 


The expected utility of the conventional method, 
E[ulacon| — C (econ, Ic) T PIF |acon] ý C(F) (3) 


where C is cost, econ 18 the event of initial construction, 0, is the act of replacing the pillar, 
P|F |aconjis the probability of failure given the conventional method is used. 
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Table 2. Probability distribution of each support type. 


N Option A Option B Option C 
Pillar Overburden (m) , 
Pillar Bolting Heavy Support Replacement 
30 94.0% 4.7% 1.3% 
55 76.8% 17% 6.0% 
90 - 76.8% 23.2% 
125 - - 100% 


The expected utility of the OM, 


Simplified to, 


Efujaom] = C(€con, Mi) + P[O.|m,] - C(O.) + P[A,|mi] - C(A,) 
+ P[0.|m;] - C(O.) + P[9;|mj] - C(0;).P[Flaou] - C(F) 


6; 
Efulaom] = C(econ, mi) X C: x P[0:] + P[F|aom] 
Oa 


(5) 


where m; is the event of mapping/implementing OM, C; is all costs, P[@;Jis the probability of 
those costs (at the probability of different ground classifications), all other notation is defined 
in Figure 4. 
These results show that the OM has the greatest utility (lowest cost) and is the optimal deci- 
sion in each case, i.e. the low probability of a bad outcome makes taking the ‘gamble’ of an 
uncertain future worth it. If the non-optimal alternative is chosen, another economic concept 
term is realised, the Opportunity Cost, i.e. the cost of the wrong decision. 


Table 3. Expected Utility between the OM and the conventional design approach. 


Overburden - 30m 55m 90m 
Conventional OM OM OM 
Construction cost -$116 -$116 -$116 -$116 
OM Cost - -$20 -$20 -$20 
Eu Pillar Bolts (a) $ -$95 -$77 -$410 
Eu Heavy Support (b) - -$25 -$92 $0 
Eu Pillar Replacement (c) -$757 -$10 -$45 -$175 
Eu Failure C(F): P(F) -$10 -$10 -$10 -$10 
E(U) -$883 -$276 -$360 -$731 
Optimal Choice OM OM OM 
Opportunity Cost $607 $523 $152 


2.5 The cost of uncertainty 


The results are flawed as they omit a less tangible but significant cost. The reality of implementing 
the OM in practice. The sequence for constructing this case study pillar would be as follows: 


Excavate one side of the pillar partially or completely 
An Engineering-Geologist maps the exposed rock and classifies the ground conditions 
The Designer reviews the ground classification and thus selects the relevant pillar support 


option 


The support option will dictate the permitted excavation sequence and ground support 


requirements 


1668 


Step four poses a great challenge for planning. A project manager must decide what quan- 
tities of bolts/long-cables to stock, or in the worst case, pre-plan a delay to the excavation; to 
stop advancing the heading and replace the pillar prior to excavating the adjacent tunnels. 
This challenge is potentially underappreciated by those not involved in the finer details of 
managing tunnel construction. Some of these challenges are highlighted by the opinions of 
practising project managers, who were surveyed in August 2021; 

There was a 12-week lead time on cable-bolts for the cavern if we needed them, so we ordered 80, 
about $100k. They were never used, but it’s cheaper than not having them there if you need them. 

We can take a conservative approach and plan for the worst-case scenario, but tenders are not 
won on the worst-case scenario, particularly around the program. Then, if you get unlucky with 
ground conditions and must install all these cables or build a filler wall (Replace pillar), you’re 
adding weeks to a megaproject. That’s a significant profit margin affecting event. 

If we anticipate replacing the pillar, we can leave some work behind so the roadheader crew 
have something productive to do while we replace the pillar. If we don’t then we are stuck with 
unproductive labour twiddling their thumbs and a critical path delay. 

If the excavation and area set-up was more forgiving, we can have a back-up plan. . .But other 
times like at *SITE NAME* it would have been an absolute showstopper. We took the punt on 
(a gamble on), not replacing the pilar. 

From discussions with Project Managers and the author’s experience, it is concluded that 
the results are missing another economic factor; a ‘nuisance cost’ of attempting to plan for 
multiple possible futures. A hidden cost of the observational method. Whilst this is case spe- 
cific and hard to quantify, there is a solution. A utility function can be derived by examining 
the preferences of OM practitioners to incorporate the complex, less-tangible costs involved in 
implementing the OM. 

Tunnel engineers assess risk. When problems are complex, or the elements are less tangible, 
quantifying all costs and risks is resource-heavy, time-consuming or just not possible. When 
calculation is hard or impossible, intuition is used. Intuition is the term used by behavioural 
economists, whilst within the engineering community, the term engineering judgement is used. 

To use engineering judgement within the expected utility decision analysis, it is necessary to 
define it as a quantitative element, an element to correct the missing, yet unavoidably signifi- 
cant, intangible components within the rational decision tree analysis. Therefore, within the 
decision framework proposed in this article, engineering judgement is defined as; A factor 
applied to the calculated costs within a utility decision model accounting for the intangible, or 
challenging to quantify, components based on experience, expertise, and reasoning. 


2.6 Quantifying Engineering Judgement 


Economists use utility rather than monetary units because it offers a mathematical framework 
to account for the individual’s choice; utility functions are used to rationalise preferences. 
When economists measure or rank the preferences of their subjects (often consumers), it is 
referred to as ordinal utility, which has the property of transitivity (Baecher 2003), that is, 
when a decision maker chooses one alternative A, over another B, A has a higher utility 
(A>B). If a decision maker is indifferent between those two choices, then A = B. 

Transitivity can be used to find at what combination of costs and probabilities, do the OM 
and the conventional approach have equal utility, 


Eluldom] = E[ulacy] (6) 


The elements of the decision tree analysis are known, but for one factor, the cost of uncertainty, 
CU. This factor can be found indirectly by asking, at what probability of poor experiencing 
ground conditions is the decision maker indifferent in their preference between OM and 
a conventional approach. This probability is called the Point of Indifference, P* (Benjamin 1970). 
This value is derived by asking project managers where their Point of Indifference is when choos- 
ing to adopt OM or the conventional approach in the pillar case study. The cost of uncertainty is 
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derived by using the Point of Indifference as the hypothetical probability that the OM choice will 
result in pillar replacement 6,. 


Adding CU to Eq.4, 


0 = Elujacy| — Eļuļaom] = (7) 
C(econs mi) + (1 — P*) [aplmi] - C(0ab) + P* [0-lm:] - C(@.) - CU + P[F|aom] - C(F) 


and re-arranged 


—P|F]aom] : C(F) — C(econ, mi) — (1 — P*) [0a p|m;] . C(0ap) (8) 
P* [0.|m;] - C(@) 


CU = 


A way to understand the Point of Indifference is to consider it as reverse gambling. Instead of 
asking which lottery to put your money on, ask what odds would change your decision to gamble 
or not? This value can also account for organisational or individual preferences for risk aversion. 


2.7 Back calculating the cost of uncertainty 


Five project managers were introduced to the decision tree in Figure 4 and asked at what 
probability of pillar replacement they would choose to use the pre-defined decision to replace 
the pillar instead of using OM to decide what pillar treatment to use. This method was 
inspired by methods demonstrated in Kahneman 1979, Hubbard 2011, Parkin 2000, Grayson 
1960, the brief mention of risk variance in Sturk 1996 and the explanation of cognitive con- 
tinuum theory in Baecher 2003. 

The responses from the surveyed Project Managers (PM) to the question, “at what prob- 
ability of pillar replacement does your decision switch from choosing a defined decision to 
“replace the pillar” instead of using the Observation method” is shown below. The CU values 
derived using Eq.8 


— PM #1 = 40% Experience 22 years CU 1.81 
— PM #2 = 40% Experience 11 years CU 1.81 
— PM #3 = 50% Experience 18 years CU 1.53 
— PM #4 = 33% Experience 12 years CU 2.11 
— PM #5 = 25% Experience 39 years CU 2.84 


This increased the perceived cost of constructing the pillar when using OM by 53%-184%, 
with an average of 102%. The expected utility analysis now be repeated, incorporating the 
average CU, Table 4. The results change; the conventional method is now optimal for the 90m 
case. This is consistent with recent experience in Sydney, given that the Northconnex project, 
the deepest of the recent tunnelling projects in Sydney, elected not to use OM for its cavern 
pillar ground support (replacing all pillars with filler walls). 


Table 4. Expected Utility analysis incorporating the cost of uncertainty factor. 


$ 000’s Overburden 30m 55m 90m 
Conventional OM OM OM 

Construction cost -$116 -$116 -$116 -$116 

OM Cost - -$20 -$20 -$20 

Pillar Bolts (a) - -$95 -$77 - 

Heavy Support (b) - -$25 -$92 -$410 

Pillar Replacement (c) - -$20 -$91 -$354 

Cost Failure (1%) -$10 -$10 -$10 -$10 

E(U) -$883 -$285 -$407 -$910 

Optimal Choice =) OM OM Conventional 
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3 CONCLUSION AND COMMENTARY 


When applying this framework, the direct construction costs are easily derived; however, the intan- 
gibles of the problem, such as the complexities of managing an unknown future during construc- 
tion or organisation risk aversion, are not. Complex problems of uncertainty are often deemed too 
challenging to quantify. Thus attempts at quantification can be dismissed by stating, “we do not 
have the historical data for that... therefore, we will rely on our experience”, and this is said with- 
out a hint of irony. After all, what is experience, if not historical data, smeared with flawed recall 
and inferences. This framework aims to objectify the decision problem, but not perfectly. As dem- 
onstrated in [10], attempting to quantify intangibles is almost always more successful than using 
qualitative expert intuition alone, even when the model uses subjective, human inputs. 

This framework can be used to assess a range of other applications of OM within Tunneling. 
The framework is built around probability which complements the principles of implementing 
OM within the Eurocode principles. Expected utility is a sound decision criterion to use as both 
direct costs and organisational preferences to risk can be accounted for. In the interest of concise- 
ness, the probability of failure was not changed between the conventional or observational 
approach; however, techniques such as that in Spross (2017) are available to incorporate into the 
framework. 

It is acknowledged that this article contains few guidelines for practical application and 
omits many other considerations when implementing OM; however, this topic will be studied 
in future research. 
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ABSTRACT: The authors developed two remote monitoring systems and applied them to 
a mountain tunnel construction site: “T-iMonitor Tunnel” for excavation and “T-iMonitor 
Tunnel Concrete” for lining works. The former can monitor and record remotely the oper- 
ational status of heavy machinery and temporarily installed facilities together with working 
environments. All the data are transmitted to a cloud server via internet connection, with which 
a developed Web application visualizes them on smart devices. Combining operating facilities 
and machinery hours, the system can automatically analyze the cycle-time for a round of exca- 
vation. The latter uses proximity, temperature and pressure sensors equipped on a traveling 
steel formwork for the secondary lining, and visualizes the occupancy and condition of fresh 
concrete cast in the formwork. The system could eliminate cumbersome works on sites such as 
checking the concrete casting process from narrow windows and documentation. 


1 INTRODUCTIONS 


In the conventional tunneling construction, the cycle of excavation works consisting of drilling 
explosion holes, blasting, mucking, installation of steel support, and rock bolting is repeated in 
a given excavation length designed according to the geological and geotechnical conditions. 
After the tunnel is excavated a certain length, the secondary lining concrete is cast with the 
moving formwork in sections where the rock deformation around the tunnel reaches equilib- 
rium state. Recently, remote and/or automated operations for heavy machinery and facilities 
used in excavation and lining works have been progressed for the purpose of more labor-saving 
and efficient tunneling procedures. In the meanwhile, requirement standards for tunnel con- 
struction have surely increased on items, such as quality and safety enhancements and in-tunnel 
working environment improvements. Therefore, required tunnel progress and quality manage- 
ment systems should be more sophisticated and accurate now. At the same time, the system 
must be efficient because the site office has to reduce working-time under the program: improve- 
ment of working practice in the construction industry, which aims to restrain overtime and to 
ensure appropriate days off, led by the Ministry of Land, Infrastructure, and Tourism in Japan. 

Main machinery applied in the mountain tunnel construction are a drill jumbo for drilling 
explosive holes and rock bolting, a shotcrete manipulator for shotcrete lining, a wheel loader 
for mucking, and a dumper or a belt-conveyor for material handling. Main facilities installed 
in the site are a concrete production plant, turbid water treatment facilities, and ventilation 
systems consisting of a dust collector and an air blower. In addition, there are geodetic meas- 
urement tools, data transmission system, and lighting system in the tunnel. Those machinery, 
facilities, and equipment are supplied by different collaborative companies but are not man- 
aged in an integrated fashion now. Site engineers cannot figure out their operational status 
remotely from the office but only on site. It makes management works complicated and cum- 
bersome, especially when troubles happen somewhere in the tunnel. 
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Figure 1. Schematic figure of remote monitoring system for tunneling works: T-iMonitor Tunnel. 


From this point of view, the authors developed two remote monitoring systems: “T-iMonitor 
Tunnel” for excavation and “T-iMonitor Tunnel Concrete” for lining works. The former can 
monitor and record remotely the operational status of heavy machinery and temporarily installed 
facilities together with working environments. The latter, on the other hand, uses proximity, tem- 
perature and pressure sensors equipped on a traveling steel formwork for the secondary lining, 
and visualizes the occupancy and condition of fresh concrete cast in the formwork. It is, of course, 
an optional function of “T-iMonitor Tunnel” and is worked on the same Web application. 
Figure 1 represents schematic figures of the systems. This paper describes the functions of the 
monitoring systems in detail with their application examples to a motorway tunnel construction 
project for the verification of its productivity improvement in tunnel management works. 


2 REMOTE MONITORING SYSTEM FOR TUNNELING WORKS 


2.1 Purpose of developed monitoring system 


When troubles occur in the tunnel under construction, the impact on in-tunnel environment 
and identification of the causes, in most cases, can be identified only at the site since machin- 
ery, facilities, and measurement data are neither managed in an integrated manner nor can be 
accessed from remote office. Such conventional site management would require much time 
until trouble-shooting and problem-solving are implemented. In addition, old-fashioned 
paper-based and manual records of progress, production, quantity, and number as shown in 
Figure 2 require time-consuming procedure on documentation such as capturing or scanning 
the paper data, transferring them to PC in the office, and putting them on a spreadsheet. They 
are regarded as one of the reasons that increase work volume of site engineers. The authors 
therefore developed the “T-iMonitor Tunnel” which allows site engineers to access a lot of 
data regarding machine operation and environment situation in the tunnel anywhere and any- 
time through a Web application. It greatly helps for engineers to easily analyze when/where/ 
how troubles occur and to reduce time to handle them. In the following sections, the system 
description and monitoring functions equipped in the “T-iMonitor Tunnel” will be described. 
Furthermore, one of the great benefits of the system: automatic cycle-time evaluation of face 
advances, will be explained. 
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Figure 3. Screenshot of Web browser on T-iMonitor Tunnel (Tunneling works monitoring tab). 


2.2 System description and monitoring functions 


2.2.1 Tunneling works and in-tunnel environment 

Figure 3 represents a screenshot of the Web browser on the T-iMonitor Tunnel. The system 
mainly consists of tabs for tunneling works monitoring, cycle-time evaluation, ground dis- 
placement (behavior) monitoring, face observation, lining works monitoring (T-iMonitor 
Tunnel Concrete), and power consumption. The figure shows the tunneling works monitoring 
tab which clearly shows the operational condition of main facilities and in-tunnel environment 
measurement data. They were normally recorded manually or stored individually with the 
facilities. The system, on the other hand, enables to collect them on a cloud server in a timely 
manner through the Wi-Fi connection which is installed at almost every tunneling site. The 
operational conditions of machinery and facilities are recognized as ON/OFF status on main 
power distribution boards and are uploaded to the cloud server automatically. 


2.2.2 Ground behavior monitoring and face observation 
Geotechnical judgement of excavation and support method based on daily monitoring of 
ground behavior and face observation is one of the most important tasks in site management 
since mountain tunnels are constructed in heterogeneous natural rocks. Figure 4 represents 
a screenshot of the ground behavior monitoring tab. Three-dimensional displacements at the 
tunnel crown and sidewalls measured by a total station are automatically uploaded to a cloud 
server. On the T-iMonitor tunnel, they are graphically displayed with face progress and the 
displacement control criteria preliminary designed by finite strain of rock mass, for example. 
Figure 5 shows some screenshots regarding face observation with the system. In Japan 
where heterogeneous rocks and complex geological condition are almost normal, the tunnel 
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Figure 5. Screenshot of face observation function. 


face is nowadays covered by shotcrete just after blasting and scaling mainly for construction 
safety reasons. This leads to insufficient time for face mapping carried out directly in front of 
the face. The developed system, therefore, collects face image data taken daily on site by 
smart devices and provides engineers spare-time for face mapping on digital view. It also has 
the function of rock classification (characterization) based on rock strength, discontinuities, 
degree of weathering, and so on. Uploaded image data can be arranged in 3D and help to esti- 
mate the longitudinal geological profile. The documentation results can be printed out on 
hard copies with the given format appropriate for construction owners. 


2.2.3 Power consumption monitoring 

In the power consumption tab listed in the monitoring menu (Figure 3), shown are the moni- 
toring result of power consumption and prediction which can alert the user when the set con- 
trol power consumption is reached or will be reached. It thus prevents power consumption 
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Figure 6. Example of automatic cycle-time evaluation on the developed system (after Tani et al., 2022). 


from being exceeded. In addition to this conventional function, power consumption for venti- 
lation can be further reduced and optimized by controlling the ventilation system based on 
measurement results of in-tunnel air environment: dust concentration in the air, dust collector 
meter, and airflow rate of the blower. 


2.3 Cycle-time evaluation 


A cycle-time in tunnel excavation is defined as time required for a single round of excavation. 
It is the basis of the daily advance rate and is used for construction schedule management. 
For daily construction management, it can also identify specific time-consuming works and 
their reasons, by comparing the cycle-time to previous performance. It is also important for 
cost management of contractors because it is considered as fundamental data for construction 
schedule, cost (paid to subcontractors) and price (received from owners) estimation, as other 
researchers have reported (Guo 2001, Erion and Algest, 2015, and Sanada et al., 2015). 

The system displays time required for excavation related works and their summation as the 
cycle time, which are automatically calculated with facilities and machinery operation hours 
(Figure 6). There have been some other methods developed to automatically collect cycle-time 
in tunnel excavation. An AI based method on video image (Mitsui et al., 2018) and one on 
video with the help of construction noise in the tunnel have been reported. Compared with the 
systems developed by others, our system is simpler and more reliable. As for the analysis func- 
tion, simple statistical values (total, mean, and standard deviation) for every work are incorp- 
orated in the system. Table 1 summarizes the judgement method. As an example, the method 
of calculating required time for drilling and charging is introduced as follows. 

Miners turn the power on the hydraulic pressure pump of drifters on a drilling jumbo when 
they start drilling explosion holes. The ON/OFF situation of hydraulic pressure pump is trans- 
mitted to the monitoring system, and the system therefore regards turning on the pump of the 
drifter as the starting time of drilling work. The completion time of drilling works is 5 minutes 
after all pumps are turned off including loss-time based on the past construction experiences. 
Next manual charging work is regarded as time from the completion of drilling to the beginning 
of waring alert which normally starts five minutes before blasting. Thus, the system automatically 
collects ON/OFF status of facilities and machinery and analyze the cycle time for excavation. 
When the auxiliary methods like forepiling with injection are applied, the system would be pos- 
sible to take in that time the ON/OFF status of the injection equipment is considered. 
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Table 1. Start and end signals of excavation works in cycle-time evaluation method. 
Procedures Start signals End signals 
Drilling Drifters equipped an drilling jumbo; Drifters equipped on drilling jumbo; 
(Explosion holes) Hydrauric pressure ON (at least one drifter) Hydraunc pressure OFF (all drifters) and 5 min. loss 
Charai Drifters equipped on drilling jumbo; Beginning of warning alert for blasting; 
ging Hydraunc pressure OFF (all drifters) and 5 min. loss (5 minutes before blasting) 
Blasting Complehon of warming alert for blasting 
` P : Concrete pump equipped on shotcrete manipulator; 
Mucking Completion of warning alert for blasting Pump power ON 
Safety shotcreting Concrete pump equipped on shotcrete manipulator, Concrete pump equipped on shotcrete maniputator; 
(First layer) Pump power ON Pump power OFF 


Stee! support installation 
(Wiremesh, H-profile) 


Concrete pump equipped on shotcrete manipulator: 
Pump power OFF 


Concrete pump equipped on shotcrete manipulator, 
Pump power ON 


Shotereting Concrete pump equipped on shotcrete manipulator, Concrete pump equipped on shotorete maniputator; 
(Second layer) Pump power ON Pump power OFF 
Rockbolting Drifters equipped on drilling jumbo; Mortar pump for rackbott filling! 


Hydraunic pressure ON (at least one arifier) 


Pump power OFF (power distribution board on jumbo) 
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| 
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Formwork 
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Figure 7. 


Waterproof membrane 


Typical concrete lining work. 


3 REMOTE MONITORING SYSTEM FOR LINING WORKS 


3.1 Purpose of developed monitoring system 


The secondary concrete lining is normally constructed by a traveling formwork and is cast in 
narrow space between waterproof membrane and steel plates of the formwork. The height of 
freshly cast concrete should be mostly flush on both springlines to prevent from causing unbal- 
anced force to the formwork. In the past, site engineers checked the height through limited 
number of windows on the formwork to control the casting speed (Figure 7). What was more 
difficult was to check the cast concrete at the crown because windows had already been covered 
by concrete itself. There was no choice but relying on workers experiences and feelings, which 
sometimes led to the quality problem such insufficient filling volume there. On the other hand, 
the developed “T-iMonitor Tunnel Concrete” uses several different sensors attached on the 
formwork and visualizes the condition of cast concrete (Mitani and Tomono, 2020). It certainly 


contributes to providing lining works rationalization and lining quality enhancement. 
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Figure 8. Sensors arrangement on formwork (development view) and sensors appearance. 
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Figure 9. Status of concrete casting and corresponding application viewers of T-iMonitor Tunnel Concrete. 


3.2 Sensors and monitoring functions 


The developed system installs proximity, pressure and temperature sensors to lining formworks, 
displays obtained data on smart devices and visualizes the condition of cast concrete. Figure 8 
shows installed sensors (without a temperature sensors) and their arrangements on a formwork. 
Thirteen proximity sensors are attached in a line on each panel (1.5 m long in the tunnel longitu- 
dinal direction) consisting of a lining formwork. Totally 91 sensors are installed in a formwork 
in this case. The number of sensors depends on the size of tunnel. When concrete becomes in 
contact with the proximity sensors from the bottom, they begin to transmit signals. The signal 
time from the sensor at the highest location is taken as the completion time of casting concrete. 
In the meanwhile, the automatic counting system of concrete mixer vehicles with infrared radi- 
ation sensors installed near the lining formwork clarify the concrete production and vehicles his- 
tory of any layers (Figure 9). Pressure sensors installed in 5 positions at the tunnel crown 
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provide fresh concrete pressure to the lining panel. They indicate filled areas and the condition 
of cast concrete by the pressure data. This is very useful, especially at the crown part since it is 
difficult to directly check the pressure. As for the pressure sensors installed at springlines, they 
inform lateral pressure acting on the formwork from freshly cast concrete. In case of the lateral 
pressure is expected to become larger than the design value, the casting speed should be lowered. 
The temperature sensors (15 positions in this case) can estimate concrete strength considering 
the temperature history after casting (Japan Concrete Institute, 2016). With these sensors, it is 
now possible to indicate the time of demolding with much confidence. 


3.3. Contribution to labor-saving management operations 


The above-mentioned sensor information can be monitored in real time from remote area via 
cloud-based application as an optional feature of the T-iMonitor Tunnel. At the construction 
site, engineers can check and share the condition of cast concrete on smart devices at any 
time, and request workers to change the casting speed if necessary. In addition, the acquired 
sensor data are analyzed and accumulated on the cloud as construction history data, improv- 
ing the Plan-Do-Check-Action cycle at the site. For example, if cracks are observed on con- 
crete lining after completion, for the purpose of deducing their reasons, it is possible to 
immediately examine temperature records and concrete mixer vehicle that cast concrete in the 
questioned area, the concrete composition, and the shipping record. 


4 CONCLUSIONS 


The digital transformation (DX) and internet of things (IoT) in construction industry make it 
possible to collect large amount of data and visualize them on PC or smart devices via internet 
communications in anytime and from anywhere. The developed remote monitoring systems of 
tunneling and lining works: “T-iMonitor Tunnel” and “T-iMonitor Tunnel Concrete” are 
considered as application examples of DX and IoT technologies in tunneling industry. The 
methods can be customized to be suitable for a specific tunnel depending on machinery, facil- 
ities, and cost. They can now be applied to multiple sites in Japan. Their tunneling operation 
data can be stored as big data for machine learning. As a future research, the authors are 
thinking of studying AI methods to pursuit more efficient and more rational construction 
methods by utilizing automatically recorded data with the help of the T-iMonitor Tunnel and 
the T-iMonitor Tunnel Concrete. 
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French hill road tunnels: A pragmatic rock support approach 
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ABSTRACT: The French Hill project involved the design and excavation of 3.5km of tunnels in 
an urban environment, including intersections and passages between the tunnels. The geology 
encountered in the tunnel face ranged from fill material to chalk and carbonate rock with karstic 
voids of variable size and shape. The tender design, which followed the empirical guidelines of the 
Q-System, was optimized for the construction phase. The final design, described in this paper 
adopted a more pragmatic approach, adopting either systematic bolting or shotcrete shell support 
classes, depending on the expected rock mass quality. The applicability of the various support 
options was evaluated using both continuum and discontinuum computer models. The utilization of 
the rock mass capacity using this optimized design led to a successful excavation of the tunnels. In 
order to meet the tight construction schedule, up to 12 excavation faces were mined simultaneously. 


1 PROJECT OVERVIEW 


French Hill (Figure 1) is one of the busiest junctions in Jerusalem. Located in the North of the 
city, it is a key interchange hub. Besides a heavily frequented road network, French Hill is 
also crossed by the light-rail (LRT) Red Line. 
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Figure 1. Project overview. 
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The French Hill transportation plan introduced two sets of twin tunnels to relieve traffic 
congestion. Tunnels TU-M1 and TU-M2 are approximately 2.5km long each. They provide 
a fast connection to the Dead Sea region. The two shorter and shallower tunnels, TU-P1 and 
TU-P2, link Road One (the highway between Tel Aviv and Jerusalem) via an approximately 
1.1km tunneled section to one of the largest neighborhoods of Jerusalem, Pisgat Ze’ev. 

The tunneling works took place in an urban environment with challenges such as tunnelling 
under a busy highway, a bridge and the LRT. To meet the tight construction program, the 
simultaneous excavation of 12 tunnel faces was required. This was enabled by introducing 
a temporary access portal & tunnel to the scheme. The design of excavation and support (pri- 
mary lining) for tunnels was performed by Dr. Sauer & Partners for the Tunnelling Division 
of Electra Infrastructure (Contractor). 


2 GEOLOGICAL CONDITIONS 


In the Jerusalem region (Figure 2), two main anticlines dominate the geological setting with 
the city placed on the structural saddle in between (Arkin & Eker 2014). The Judea anticline 
to the North and the Hebron anticline to the South of the city (Arkin & Eker 2014) developed 
as a response to the collision of Afro-Arabia and Eurasia during the Oligocene to early Mio- 
cene (Ghalayini et al. 2014). The asymmetrical anticlines are trending NE-SW with a steep 
limb towards the West and a moderately dipping limb towards the East (Arkin & Eker 2014). 
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Figure 2. Geological setting of Jerusalem (Arkin & Eker 2014). 


The French Hill tunnels are in the southeastern part of the Judea anticline. There, the pro- 
ject cut through several sections of artificial filling comprising various types of material. 
Furthermore, the bedrock of two geological formations was encountered (Figure 3). The 
Senonian Menusha Formation consists of white, mostly unweathered chalk to marly chalk 
with an unconformity to the underlaying strata. The Turonian Bina Formation is made of 
beige limestone and dolomite with changing degrees of weathering. Marl interbeds and karst 
are common features (Levin 2019). 

Karstic phenomena impact the hydrogeological conditions causing anisotropic and hetero- 
geneous flows. This results in varying groundwater levels within the region (Levin 2019). 
However, the tunneling excavations were not exposed to any adverse groundwater conditions. 
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Approximately 30km East of Jerusalem is the Jordan Rift Valley. The left-lateral transform 
system is part of a 1000km long plate boundary that formed due to the separation of Arabia from 
Africa (Ghalayini et al. 2014). Fault systems were also identified in the project area, however, none 
of them was classified as active. Even though no major earthquakes were recorded in the Jerusalem 
region since 1980, seismic activities along the Dead Sea rift may still have an impact (Levin 2019). 


Figure 3. Tunnel faces. Menusha Formation (left — credit Pavlo Takachenko) and Bina Formation with 
grouted karst feature (right — credit Ron Algon). 


3 DESIGN PHILOSOPHY 


The design followed the concept of conventional mining. Depending on the support class, shot- 
crete was used for the immediate ground support, in various combinations with rock bolts, lattice 
girders, pipe umbrellas and spiles. This primary lining was designed with steel fiber reinforced 
concrete (SFRC) to simplify and accelerate the construction whilst providing health and 
safety benefits by removing the need to work at height and next to the exposed rock mass. 

The classification of the rock mass and the resulting categorization of the support classes (SC) 
was performed according to the Q-System [NGI]. Based on the assessed Q value, the design strat- 
egy was adopted as outlined in Figure 4. 
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Figure 4. Design strategy chart. 


In the “discontinuum approach”, the analyses focused on the assessment of the jointed rock 
mass. In this scenario, failure was dominated by sliding blocks along bedding planes or fractures. 

In the “continuum approach”, the strength of an equivalent weak rock mass was assumed. 
The failure mechanism was defined by the strength and stiffness of the rock mass. 
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For a rock mass behavior dominated by a small number of discrete joints (SC I and SC II, 
potentially SC II), a tunnel support system, which utilized discrete support elements such as 
systematic rock bolts with SFRC sealing were designed as shown in Figure 5. 

In support classes SC I to II, and to a limited extent in SC III, the main support principle 
was to utilize the inherent strength of the rock and thus mobilize a load carrying rock arch 
around the tunnel excavation secured by rock bolts. 
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Figure 5. Support classes I to VI. 


For the highly jointed rock mass (SC IV to SC VI, potentially SC II) a continuous tunnel sup- 
port system was foreseen. Therefore, a SFRC shell with spot bolting (if required) was introduced. 
The rock bolts (SN anchors) alone were not considered to be an effective means of support for 
these rock mass conditions, since the introduction of rock bolts would further disturb the already 
highly fractured surrounding rock (Figure 6) and would be of questionable efficiency. 

The installed shell support was designed as the main load carrying system for the support 
classes SC III to VI. In these support classes, thicker shotcrete shells (up to 200mm for SC VI), 
a further reduction of the advance length (1.5m), and the installation of a pre-support system in 
the roof (spiles in SC V and SC VI) applied. For this purpose, maintaining the integrity of the 
excavated tunnel circumference was of major importance. Establishing a working shape control 
enabled the rock mass to fulfil the required load carrying function. 

For all support classes, the capacity of the chosen support and the stress and strain levels 
within the surrounding rock mass were numerically evaluated. 
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Figure 6. Support classes VII and Low Cover (LC). 


4 NUMERICAL ANALYSIS 


Based on the tender design cross-sections, the numerical models were developed for all sections 
along the alignment representative for the defined support classes. This included the lay-bys 
and the intersections (Figure 7). The excavation and the support installation sequences were 
modelled in accordance with the design. 


__- p= 120 kN +102 
= q=60kN/m sy ¥ 


zg q = 20 kN/m- 


Figure 7. Example for FE model. 


Table 1. Numerical approach. 


Numerical analysis approach SCI SC H SC I SC IV SCV SC VI 
Distinct elements (DEM) J J J v 

Finite elements (FEM) v v v v 
Distinct elements without support* v v 


* Used only for stability check 


For the finite element analyses, the Hoek-Brown failure criterion was used for the design to 
represent the rock mass and the Mohr-Coulomb failure criterion was adopted for the Fill 
material. 

In support classes I to III (SC IV was also checked with DEM), the ground was modelled 
as individual rock blocks introducing bearing and shear resistance across the separating 
joints (Figure 8). 

The geometry obtained from the geological mapping defined the joint spacing and the orien- 
tation, while the normal and shear stiffness and the strength across the joints were estimated 
from characteristics of the joint surface and filling material. The intact rock and the discontinu- 
ities were considered in the design using the Mohr-Coulomb failure criterion. 
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Figure 8. Example for DEM. Analysis of failure mode in top heading without any support. 


5 TEMPORARY PORTAL AND ACCESS TUNNEL 


The temporary access portal and tunnel were designed and constructed to provide an inter- 
mediate access to “TU-M” tunnels increasing the concurrently excavated faces to 12 by 
adding another 4 faces (refer to Figure 10 & 11). The temporary portal was designed with 
soil nail support and sprayed concrete facing, including drainage behind the portal walls 
(Figure 9). 


~ 


Figure 9. Access tunnel portal. 
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TUM-1 


Figure 11. Location (left) and plan view (right) of the temporary access tunnel. 


The temporary access tunnel, which will be backfilled at the end of construction, reduced 
the construction time to a great extent and provided flexibility to the contractor. 


6 CONCLUSIONS 


The design philosophy adopted by Dr. Sauer & Partners for the design of the French Hill Tunnels 
project in north Jerusalem were presented in detail in this paper. The unique innovative design 
approach of utilizing ‘Shell Support’ in fragmented rock was implemented to allow for an efficient 
design and to shorten the construction time. The wide range of geological formations encountered 
during tunnelling include a weak fill material, chalk, dolomite and limestone with various Karst 
features. The main challenges were the presence of the highway, bridges, light railway system and 
utilities above the tunnels, the low rock cover and the large number of karst voids. The close col- 
laboration between the Owner, Contractor and Designer resulted in the successful delivery of this 
complex project. 
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ABSTRACT: A technology is developed that can project ground information such as images 
of the tunnel face and rock hardness/softness data directly on a shotcreted tunnel face. The 
system is simply operated using push buttons installed on the driver’s platform of the drill 
jumbo (the hydraulic rock drilling machine). There is no need for the installation of projectors, 
surveying work, or interaction with a PC, which are problematic in the severe tunnel environ- 
ment, because the technology has been designed for safety and ease of use by field workers and 
other staff in charge at the tunnel face. It is confirmed that appropriate quantities of explosives 
can be determined according to rock mass strength, greatly reducing the need for extra shot- 
creting near the face due to over-blasting. Further, damage to construction equipment due to 
flying rocks is prevented. All of these improvements contribute to improved construction effi- 
ciency and on-site safety. 


1 INTRODUCTION 


In the construction of Japanese mountain tunnels, work is generally divided among day and 
night shifts, allowing excavation work to continue without interruption. At shift changes, infor- 
mation about ground hardness and instability at the tunnel face is handed over from the depart- 
ing shift to the incoming shift to ensure safe and efficient working (Figure 1). However, it is 
difficult for the in-coming shift to directly observe conditions at the tunnel face (such as where 
cracks and weak layers are, the degree of weathering, rock coloration, and so on), since the face 
is temporarily covered with shotcrete between shifts to ensure safety (Figure 2). On the other 
hand, although various techniques for investigation and measurement have been developed in 
recent years and used to achieve efficiency gains, additional equipment is needed to allow the 
information to be accessed appropriately on site during work, since it is generally available via 
PC and tablet screens. This is also the case for a monitor mounted on a drill jumbo with drilling 
guidance (a “computer jumbo”) and used to display hardness/softness information about the 
ground using borehole logging functionality; until the development of suitable equipment, evalu- 
ation results had to be confirmed on a PC monitor placed on a worker’s office outside the tunnel 
(Figure 1). 

The development of equipment for projection mapping onto the tunnel face was thought to 
be important. This would offer the ability to project ground information directly onto the 
tunnel face (excavation surface), which would act as a screen, during mountain tunneling pro- 
jects. It was considered that such technology would allow information such as full-scale 
images, sketches, and contour drawings of drilling energies (representing the hardness/softness 
of the ground) could be projected directly on the tunnel face and shared by simply pressing 
a button even with gloved hands, and that this could improve safety and efficiency in tunnel 
construction. 
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The challenges faced in the conventional methods of passing ground information from one 
shift to another may be summarized as follows: 


(1) It is difficult for the incoming shift to verify the condition of the tunnel face, since it is covered 
with shotcrete (Figure 2). 

(2) Knowledge of the positions of weak layers and discontinuities, and of geological boundar- 
ies, depends on workers’ memories at the time of taking over, and the exact positions on 
the actual tunnel face can become unclear. 

(3) Information about the actual hardness/softness of the ground is transferred using quali- 
tative terms such as “hard” and “soft”, and actual rock mass strengths cannot be quanti- 
tatively grasped. 


To overcome challenges (1) and (2) above, a photograph of the tunnel face taken before shot- 
creting is accurately projected onto the shotcreted face without distortion by a projector mounted 
on the computer jumbo. Regarding the third challenge (3), quantitative information is made 
available as a color contour representation of ground hardness based on borehole logging results 
obtained when drilling holes for explosives; it is presented as a cross-sectional distribution of drill- 
ing energy, which correlates with rock mass strength. 


= 


Figure 1. Shift change meeting between day and night shifts. 


Figure 2. Tunnel face covered with shotcrete. 


2 TECHNOLOGY OVERVIEW 


2.1 Use of tunnel face projection mapping technology 


The conventional workflow for information transfer and its use in during drilling and blasting 
operations (that is, the drilling of holes for the explosives following a shift change, placement/ 
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wiring of explosives and then blasting), which are the main target applications of the new tech- 
nology, is compared in Figure 3 with the workflow using the new technology. The new items 
in the workflow are shown by yellow shading. 

This figure shows how the exact locations of weak layers and geological boundaries as well 
as ground hardness at the face, all of which are necessary for effective and efficient blasting, 
can be quantitatively understood from images projected on the tunnel face using the new tech- 
nology (Figure 4). The same information is also available on monitors on the operation plat- 
form of the computer jumbo (Figure 5). This allows, in particular, the blasting pattern (the 
number of holes for explosives and their positions) to be adjusted before drilling if necessary 
according to ground conditions. Results obtained during hole-drilling also allow the amounts 
of explosive to be increased or decreased according to ground hardness. As discussed later, 
this adjustment is important for effective and efficient blasting and greatly affects the con- 
struction cycle. Although this sharing of information about the excavated ground is especially 
effective at the time of shift changes, it is also useful for operations during a shift. 
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Figure 3. 


Figure 4. Color contour projected onto tunnel face to show the distribution of hard/soft rock. 


2.2 Characteristics of the technology 
The new technology offers the following three advantages: 


> Whenever the drill jumbo, one of the main construction machines used in mountain tunnel- 
ing, is near the tunnel face, the most recent photograph of the tunnel face and a color con- 
tour diagram of drilling energy (representing the distribution of hard/soft ground) can be 
viewed and the information shared among workers. 

> Regardless of the fixed position and inclination of the computer jumbo, stable image pro- 
jection is ensured even under the severe conditions encountered at the drilling site. Images 
are aligned precisely on the tunnel face without distortion. 
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Figure 5. Contour display on monitors on the operation platform. 


> Information acquisition and projection is easily controlled by a tunnel face worker using 
push buttons (turning projector on/off and switching between images). All other aspects of 
image processing and data transfer are performed automatically. 


An outline of the equipment developed to achieve this and how it works will be given in the 
next section. 


2.3 Overview of projector and projected images 


2.3.1 Projector 

The idea of projecting images onto the tunnel face itself has been around for nearly 20 years, 
but to use the technology during tunnel construction it was necessary to wait for the appearance 
of projectors that use projectors with a laser light source. In comparison with a conventional 
mercury lamp, these are resistant to vibration, have a long life, and are very bright. Coupled 
with the fragility of IT equipment in environments with dust, water droplets, and high temperat- 
ures and humidity, this has hindered the promotion of projection during construction work. In 
recent years, however, the heat dissipation of projectors has decreased due to technological pro- 
gress, and equipment has also become smaller. 

In this development work, the decision was made to install the projector in the most effective 
location for sharing information by image projection, viz., on the operation platform of the drill 
jumbo used for loading the explosives when tunneling through hard rock and for face reinforce- 
ment work when in soft rock (Tani 2019). In short, as will be detailed in the next section, the 
projector was mounted on the computer jumbo equipped with the hole-drilling guidance functions 
(Figure 6a). A separate development was a dust- and drip-proof case to house the projector. The 
case, which includes a shutter and anti-vibration measures, efficiently releases heat generated by 
the projector and the accompanying PC even under dusty and wet conditions (Figure 6b). 


n 


(a) Projector mounted on the roof of the operation (b) Projector secured in its protective case 
booth of computer jumbo 


Figure 6. Location of projector and protective case housing the projector and accompanying equipment. 
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2.3.2 Projected images 

Each tunnel face photograph taken for construction management purposes by site staff work- 
ing at the tunnel face is synchronized to an external file server located outside the tunnel. 
Once the computer jumbo has been started up and outriggers prepared, the latest image files 
are automatically transferred via wireless LAN from the server to the PC in the protective 
case that generates images for projection. The drilling energy processing software that runs on 
the computer jumbo automatically creates the color contour diagram of drilling energy, repre- 
senting the distribution of hard and soft rock mass at the face (Figure 7). 
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(c) Cross-sectional distribution of drilling energy 


Figure 7. Drilling energy acquisition/evaluation function (Drill NAVI) mounted on the computer 
jumbo, Furukawa Rock Drill Co., Ltd. 
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This software evaluates drilling energy from mechanical data collected during drilling, includ- 
ing feed pressure, rotational speed, and stroke pressure (Figure 7a). The change in energy is 
saved and displayed (Figure 7b), and the data is statistically processed to display the drilling 
energy distribution in the cross section (Figure 7c). In the development process of the new pro- 
jection system, this series of processing operations was fully automated. After the holes for the 
explosives have been drilled, an energy distribution as shown in Figure 7c is displayed and saved 
as an image file. The software was customized such that the created image file is uploaded to the 
server. As with the face photographs, the latest images on the server are downloaded to the PC 
where the images for projection are created. 


2.4 Distortion correction of projected images 


The tunnel face on which the image is projected is within a certain distance (around 10 m) of the 
computer jumbo position, so a wide-angle lens suitable for the size and focus of the projected 
image was selected and fitted to the projector. However, the computer jumbo is not at a fixed 
distance from the tunnel face and it may not be square with the face. There is a possibility of the 
machine itself being slightly tilted. Therefore, a corrected image is generated by a program 
installed in the PC that carries out a coordinate transformation in virtual space using 3D com- 
puter graphics (CG) technology as used in game development. The result is an accurately pro- 
jected image on the tunnel face, regardless of the position of the projector (Figure 8). The 
coordinates and attitude (inclinations) of the projector necessary for correction are obtained 
from the coordinates of equipment on the computer jumbo and the accompanying inclinometer. 
These are passed as input values to the image generation software program. 

Figure 9 shows an example of how a projected image from a downward-tilting projector 
away from the center axis and not square with the tunnel face is corrected. Given the positional 
relationship between tunnel face and projector, the distorted image shown at bottom left of the 
figure would be projected on the tunnel face. The corrected image shown at top right, which is 
projected from the same position, is generated from it in virtual space by the software. 


Figure 8. 3D CG image generation software. 
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Figure 9. Images without correction projected from computer jumbo not directly facing the tunnel plane. 
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2.5 Pursuit of automation and simple operation 


In terms of on-site operations, the greatest need in development work was to minimize labor 
and complex work. For this reason, as described above, data acquisition and processing using 
data from sensors on the hydraulic control system were implemented to automate the work 
process. This section explains the final stage of projecting images onto the tunnel face and how 
the projected images are switched. 

The image to be projected is first displayed on the driver’s seat monitor screen on the com- 
puter jumbo, as shown in Figure 5. When the data is to be shared with all workers, the only 
operation needed to project the image is to push the projection button on the control panel 
shown in Figure 10a. Like other controls on the computer jumbo, this panel is large and 
robust, and can be operated by a worker wearing leather gloves. The control panel is installed 
between the two monitors on the computer jumbo operation platform, as seen in Figure 5. 
Close-ups of the panel are shown in Figure 10b and 10c. There are only two operations: the 
top switch turns on and off the projector (Figure 10b), while the third control from the top is 
a push button for switching between the tunnel face image and the contour diagram 
(Figure 10c). In addition, when the tunnel face image is being projected onto the face shotcrete 
as shown in Figure 11, the bottom indicator light is illuminated, as shown in Figure 10b. 


(a) Control panel (b) Close-up of upper portion show- 
ing on/off switch 


(c) Close-up of lower section 


Figure 10. Projector start switch and push button for switching images. 


Figure 11. Tunnel face image projected on tunnel face. 
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3 EFFECTS OF DEVELOPMENT 


Improvements in work efficiency have been confirmed as a result of using this new image pro- 
jection system in actual tunnel construction. The work of drilling blasting holes could take 
place while viewing projected images of the pre-shotcreted tunnel face and the color contour 
diagram of drilling energy, which represents the distribution of ground hardness. As a result, 
hole spacing could be set according to the actual geological conditions at the face and the 
amount of explosives could be adjusted appropriately. Consequently, there was almost no 
overbreak resulting from too much explosive or underbreak due to too little explosive — prob- 
lems that had previously occurred 3 to 4 times a week. 

Overbreak not only increases the amount of lining concrete that has to be cast later, but it 
may also damage the ground around the tunnel. On the other hand, under-blasted regions may 
have to be crushed mechanically and, in some cases, may necessitate re-blasting. The extra work 
involved in these procedures costs a lot of time, greatly affecting the construction cycle and con- 
struction period. At a second construction site where tunnel face projection mapping was intro- 
duced mid-construction, there was a notable improvement in construction efficiency. It was 
confirmed that the average overbreak thickness of 30cm was reduced by about 50% to 14cm. 

Further, the rate of tunnel excavation increased by about 5% (with monthly progress 
increasing from 116m to 120m), since mistakes and losses due to over- and under-blasting 
were eliminated by optimizing the amount of explosives. 


4 CONCLUSIONS 


The tunnel face projection mapping technology described here provides a possible solution to 
a long-standing challenge in mountain tunneling: the inability to see the tunnel face during blast- 
ing operations. A realistic image of the tunnel face is taken prior to shotcreting and then later 
displayed on the shotcrete-protected face using a projection mapping technique that makes use of 
recent advances in information and communication technology (ITC). In a similar way, the actual 
distribution of ground hardness is quantitatively and easily visualized on the face in the form of 
vivid color contour diagrams. The provision of this additional information leads to construction 
efficiency improvements, including improved blasting with a reduction in over- and under-blasted 
zones. In particular, the 50% reduction in overbreak rate not only contributes to a shorter con- 
struction period, but also offers environmental advantages such as reduction in material losses. 

Given the efficiency improvements made possible by this technology in drill-and-blast 
tunnel excavation, the next challenge is to develop a system for automatically setting the 
blasting pattern and the amount of explosives to be used; that is, a fully automated blasting 
technology for tunnels. 


REFERENCES 


Tani, T., Koga, Y., Miyamoto, S., and Fukuhara, S. 2019 Development and Operation of Projection 
Mapping System for Tunnel Face. Report of Taisei Technology Center, 52(54): 1-6 


1694 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Blasting and vibration control for hard rock shafts in urban centers 


LJ.F. Teixeira, C.V. Chanquini, F. Abreu, P. Messa & L.B. Partelli 


Acciona Construccion, Brazil 


ABSTRACT: Large diameter shafts have been used in Brazil since the 1980s, usually in 
mass transport projects such as metro stations, ventilation shafts, emergency exits and auxil- 
iary structures. When in soil, the advance is done in partial excavations with the application 
of deformable shotcrete lining as the excavation proceeds, but for rock shafts, the excavation 
and mucking of the material must be preceded by rock desegregation techniques, which may 
be done by blasting or by mechanical methods, if there are restrictions on the use of explo- 
sives. This paper describes the methodology and processes involved in the successful excava- 
tion of a large deep shaft in granite with approximately 40.0 m diameter and 40.0 m deep in 
a high dense urban area. Special focus is given to the detailed blasting plans and vibration 
output as well as the measures applied to avoid flyrock debris including a newly developed 
solution. 


1 INTRODUCTION 


Sao Paulo Line 6 is currently one of the most challenging projects worldwide. It is a design 
and build megaproject integrating the simultaneous construction of more than 15 km of TBM 
tunnel, 15 stations, 17 shafts and around 2 km of non-mechanized tunnels. The future João 
Paulo I station in its underground component encompasses a central shaft with 39.50 m of 
diameter and 41.30 m deep, with two 200 m? platform tunnels with 45 m of extension each. 
The surface of the shafts is around 727 m AOD (Above Ordnance Datum), while the excava- 
tion is completed at the 688.8 m level. 

The station is integrated in a highly dense urban area with high rise buildings and small 
houses in the near vicinity as well as a main road artery and water/drainage infrastructure. All 
in all, the vibration and flyrock control is taken as essential to allow a safe and continuous 
construction process. 


Figure 1. Joao Paulo I station implementation, BIM model (left) and aerial photo (right). 
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This station was excavated in a superficial alluvial soil layer followed by residual and saprolite 
soil until reaching the granite substrate, with a significant spatial variation in the top level of the 
rock. This article focuses on the shaft excavation of the granite component and the soil-rock 
transition, highlighting all the important associated aspects especially the drill and blast technical 
details needed to successfully comply with the tight safety restriction of this type of endeavor. 


2 GEOLOGIC AND GEOTECHNICAL ASPECTS 


The geology of the Joao Paulo I station in integrated in the geological context of the intrusive 
granitoids of the Precambrian Basis covered by quaternary sediments. This granitoids are classi- 
fied as homogeneous to porphyroids, thin to very coarse with light to heavy gray and red. The 
relatively high resistance to weathering generates superficial rock elevations with most of the 
areas not covered by tertiary sediments with only residual soil bellow the quaternary deposits. 


2.1 Geologic and geotechnical and survey 


The geological and geotechnical survey was divided in two phases with a total of 29 boreholes 
(> 1100 m) with SPT and rock core extraction, of which 2 were inclined and 6 had television 
logging. In most of the boreholes a Casagrande piezometer was installed and lugeon tests were 
performed in the rock component. Additionally, two refraction seismic geophysics lines and 
UCS laboratory tests in the rock cores were performed. 

Compiling all the data obtained from the tests it was possible to characterize the granite 
with UCS ranging from 34 to 128 MPa with an average of 73 MPa recognizing the need to use 
drill and blast techniques in the shaft excavation. Additionally, the television data allowed an 
estimation of stereographic projection to identify several main discontinuity families. 
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Figure 2. Relation between uniaxial compressive strength and depth (left); Stereographic projection (right). 


2.1.1 Local Geology and geotechnical profile 

In the station area the stratigraphy can be divided in two major ground types: soil and rock. 
In the soil type it can be further divided in two different horizons, the upper one related with 
quaternary deposits with a thickness from 2.0 to 5.0 m and the deeper one with residual soil of 
granite origin encompassing all three levels of alteration (mature, young, saprolite) and thick- 
nesses up to 10.0 m. Within the residual soil the frequency of boulders is high with some 
reaching metric proportions. 

In São Paulo Line 6 the Rock Mass Rating (RMR), developed by Bieniawski (1989) has 
been adopted as as the standard geomechanical rock classification system. Two main sub- 
divisions with different geomechanical behavior were anticipated. The first one is categorized 
as weathered granite (GIra) and is associated with Class V and low Class IV’, while the second 
category is defined as granite (GI) sub-divided in the remaining RMR classes (IV* to I). 
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The rock top in the region is quite irregular, with the starting level ranging from 724 
mAOD up to 709 mAOD, while in the location of the shaft a level difference of up to 10m 
was identified. The water table is almost at the surface level. 
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Figure 3. Simplified project geological profile, in longitudinal (left) and transverse (right). 


3 EXCAVATION CONCEPT AND CONSTRUCTION SEQUENCE 


The excavation concept of the shaft was divided in three parts: i) full soil excavation, ii) transi- 
tion where some part of the shaft would be in soil and rock, and iii) full rock ground. 

To improve the stability conditions and generate a watertight barrier in the first two parts 
a perimetral ground treatment made by secant jet grouting (JGv) columns was performed. 
The JGv was designed to have a variable length in accordance with the rock top, with 
a minimum of 0.50 m rock embed. In the 3.0 m above the rock the diameter of the column 
would be of 1.40 m and in the remaining part 1.00 m with a spacing of 0.80 m 
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Figure 4. Jet grouting columns, design detail (left) and field application result (right). 


The excavation in the soil ground was straightforward, as was based in the sequential exca- 
vation method with the application of a 0.25 m shotcrete lining with steel mesh 
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6.00 m horizontal partition and a vertical advancement of 1.0 m with a full closed ring before 
advancing to the next step. 

The advancement in the soil-rock transition was predicted to be slower and more complex 
as the advance rates in rock are much lower than in the soil due to the needed laborious and 
carefully controlled drill and blast sequence and the fact that flyrock at such surface level is 
hazardous. The solution was to create independence between the level where the excavation in 
the soil would be happening and where the rock would still be excavating, meaning that the 
soil and rock would be excavated in different steps inside the transition area. 

The different advance rates mean that the lining would be completed in the soil part and 
not completed in the rock part at a certain level. In this case the lining “ring” couldn’t be fully 
closed, with the lining temporary unloading in the rock that would be excavated afterwards. 
A lining thickness would be applied in this contact area to better distribute the loadings as 
shown in the right Figure 5. Also, at this stage the concrete lining would be reinforced also 
with polymeric fiber (5 kg/m? barchip BC54) in the rock area with the application of 150 kN 
rockbolts where needed. 


Excavation in Soil (executed) 


YQ \ Completed Shoterete lining 


Ad. \ x ‘ 
\ et \ Thickness increase 


Excavation in Rock (to be executed) 


Figure 5. Excavation in rock-soil transition (left); Plan showing lining thickness increase in the 
soil-rock contact (right). 


The excavation completely in rock was carried out using the drill and blast method allowing 
successive advances up to 3.00 m with 20 cm of shotcrete lining including polymeric fiber 
reinforcement (5 kg/m” barchip BC54) and 150 kN rockbolts with 4.50 m length. 


3.1 Blasting schemes 


The blasting scheme is a central aspect of the drill and blast methodology. It is always a game 
of tradeoffs, especially in urban areas where vibration limitation is severe and damage to the 
infrastructures in the surrounding area is not allowed. The Brazilian guideline (NBR 9653) 
demands that the peak particle velocity (PPV) to be limited to less than: i) 15 mm/s for 4Hz, 
ii) 20 mm/s for 15 Hz, and iii) 60 mm/s for > 40 Hz. 

The blasting scheme concept was based on the combination of two aspects: i) smooth blast- 
ing and ii) tight net of blastholes with different activation speeds. Additionally small powder 
factors would be used even with a considerable total amount of explosives. 

The “smooth blasting” technique was originated in Sweden after 1950 and consists in the 
execution of a tight “line drilling” with holes quite close to each other with reduced loading. 
The objective of this technique is to keep the excavation line as close to the theoretical, minim- 
ize overbreaks and vibration. 

For the excavation of Joao Paulo I station, two main blasting schemes were used. Type I which 
was used in 24 % of the advancements and Type II used in the remaining 76 %. Type I was the 
first blasting scheme to be applied, starting from the soil-rock transition until a full rock surface 
emerged. As the excavation evolved and the vibration results become clearer the Type II was 
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developed and applied as it allowed smaller vibrations, the same rate of advance and a better bal- 
ance of drilling, blasting, and mucking activities. Table 1 provides a representative summary of 
each blasting plan. The following is a brief description of each type: 


e Type I — Adapted to the contour geometry of the soil-rock excavation in the transition 
region. The shaft was divided in up to two half-sections adjusted to the soil-rock contact, 
with similar volumes and 2.5 m vertical advancement. For all steps, with non-electric initi- 
ation systems with a 250-millisecond delay were used. Additionally, non-electric initiation 
delay detonators were used for initiating explosive charges, forming a closed loop detonation 
system with delay times of 9 and 32 millisecond. A blasting scheme is shown in Figure 6. 

¢ Type II — The shaft was divided in three sections. The central area has been detonated first 
and had in its center 4 additional unloaded 100 cm relief holes to work as a free-face. After- 
wards each lateral area has been drilled and blasted independently as a bench blasting. For all 
steps, non-electric initiation systems with a 250-millisecond delay were applied. Additionally, 
non-electric initiation delay detonators were used for initiating explosive charges, forming 
a closed loop detonation system with delay times of 17, 25 and 100 millisecond. In the step 1, 
related with the central section, the blasting accessories were positioned in such a way that the 
detonation would start in the shaft center closer to the relief holes forming a free-face and 
allowing the detonation to happen from the center in direction to the periphery as show in 
Figure 7. The laterals were done in step 2 and 3 independently like a bench blasting, with 
a similar closed loop detonation system using the step 1 trench as a free-face. 


Table 1. Blasting plans summary. 


Type I Type II 
Blasting Scheme 
Step un. Half-shaft Central Lateral 
Vertical advance m 2.50 2.70 2.70 
Blasthole length m 2.90 3.00 3.00 
Blastholes diameter mm 45 64 64 
Contour diameter mm 51 64 64 
Blasting area m’? 436.5 390.0 370.0 
Number of blastholes uni 344 293 277 
Volume “in situ” m? 1462.8 1053.0 999.0 
Drilling ratio m/m? 0.68 0.83 0.83 
Powder Factor kg/m? 0.50 0.61 0.60 
Maximum load per charge kg 2.42 2.42 2.42 


The drilling was performed with pneumatic drilling rig. The type of explosive used was pack- 
aged emulsion with high water resistance and density of 1.15 g/cc. For the central blastholes the 
charge density was 0.8 kg/m and for the perimetral blastholes the charge density was 0.5 kg/m. 


4 EXCAVATION OUTPUTS 


4.1 Vibration control 


The vibration control occurred at each blasting event and was made with the utilization of seis- 
mographs installed in the vicinity of the shaft at different radial distances. The positions of the 
control points varied slightly during the construction as the comprehension of the vibration 
magnitude and its propagation evolved. In general, the following conclusions were obtained: 


¢ Type II blasting scheme presented lower vibration values than the Type I especially at 
closer distances. 

e The variation of the rock level means that at some points that have distances higher vibra- 
tion values occur than others at shorter distances. 
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Figure 6. Blasting scheme, type I. 
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Figure 7. Blasting scheme, type II. 


¢ The vibration values were kept bellow the guidelines values. 
e The total time of the blasting until stabilization varied between [3.3 to 4.0 sec] 
e No reverberation was noted in any of the blasting schemes. 


An analysis was made compiling hundreds of vibration points and creating the most charac- 
teristic value at a given distance for type I and type II blasting schemes. This is represented in 
Figure 8, where it is possible to see the vibration evolution with distance. 


4.2 Flyrock protection and risk mitigation 


One of the biggest challenges in applying drill and blast techniques in shafts in urban centers 
is the needed flyrock protection, as it can cause damage in buildings and persons hundreds of 
meters away from the blasting points if no precaution is taken. 
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Figure 8. Average vibration values for each type of blasting scheme and at each measuring point. 


Usually in shafts, two forms of protection are made. The first one at the blasting level 
covering all the blastholes, and the second at the surface level in the shaft starting. 

The second form is the one that presents higher difficulties, as the “cover” needs to allow an 
entry point for equipment and muck removal and self-support the 40 m span that will be 
affected by the blasting air forces. 

Traditionally the shaft cover is made with a steel reticulated structure and a wood roof with 
some small space to allow for the air to flow. With a 40 m span the needed steel structure 
would be quite heavy, robust, and expensive. 

With these challenges in mind a property solution was developed, consisting in a retractable 
cover made with a double geogrid mesh supported in steel cables where each sector can be 
independently opened to allow the shaft access. The double geogrid had enough density for 
the flyrock not to pass but still be able to support the flyrock impact while allowing the air to 
flow. Figure 9 shows a photo of the applied solution and a detail of the cable support system. 


Figure 9. Flyrock protection, aerial photo (left) and detail of cable support (right). 


At the blasting level the blastholes were always covered with the tyres strips connected with 
iron chains. In all the 45 blasting events no registration of fly rock was made. 
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5 CONCLUSIONS AND LESSONS LEARNED 


The construction of large and deep shafts in rock in urban areas is always an enormous chal- 
lenge as the continuous maintenance of safety at all levels is a must. The excavation of the 
Joao Paulo I shaft was performed successfully complying with the international good practices 
with considerable number of lessons learned, namely: 


e Overtaking a 10 m transition soil-rock can be done successfully and productively when 
a ground treatment is well done. This type of transition can be done with independence 
between the soil and rock excavation if the lining embedment is always done circumferen- 
tially in the rock edge at each vertical step. 

¢ Smooth blasting allows for a controlled excavation in urban center while keeping the vibra- 
tion level under the guideline limits (PPV < 15 mm/s). 

e The partialization of the shaft excavation in smaller stripes and improvement of the delay 
times applied allowed for a reduction in the vibration while keeping the productivity high. 

e Even in a 40 m diameter shaft a full cover can be developed that allows high levels of pro- 
tection against flyrock and full accessibility to equipment and muck removal. 
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ABSTRACT: The case studied in this article covers a mined twin track railway tunnel 
within Scandinavia. Where due to weakness zones and uncertainty on the rock levels, the usu- 
ally drill and blast solution had to be replaced by soft ground tunneling. 

A local lowering in the top of rock was identified in the existing geological information, 
resulting in very low rock cover (or potentially no rock cover). The soil above the rock con- 
sists of high permeable ground with more than 10m of water pressure. 

The lowering is located below existing pile founded buildings and under a public road with 
a range of utilities. This high congestion of both the surface and underground space made it 
impossible to perform ground investigations prior to construction, to confirm the rock level 
above the tunnel. 

This led to a temporary solution comprising of ground freezing, pipe umbrellas, heavy sup- 
port frames and a redesigned underpinning of the building immediately above the tunnel. 

The current paper summarizes the design process and the chosen design, and the consider- 
ations for dealing with uncertain geological conditions within a congested areas with high 
water pressure. 


1 INTRODUCTION 


A section of a twin-track rail tunnel is passing over two parallel tunnels with less than 1m 
rock in-between, and the crown of the tunnel is entering a zone of rock where several faults 
are crossing and where there is a significant depression in the rock surface. The rock is over- 
layed by 14m of water-bearing quaternary deposits. A building, founded on piles extending 
into the soil pocket, is located immediately above the tunnel section. 

The design of the tunnel section was developed in phases where the risk, opportunities, and 
buildability formed the route to the final design. The process is now continuing into the execu- 
tion phase where specialist contractor inputs are being implemented in the design to smoothen 
the execution phase. 

Throughout this article, the tunnel in design is referred as “TD” while the tunnels places 
below are referred by “TB” 


2 GEOMETRIC CONSTRAINTS 


The main geometric constraints of the existing tunnel below and the pile foundations above. 
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Figure 1. Initial proposed solution. a) longitudinal section.; b) Cross section. 


2.1 Existing tunnels 


The bench of the tunnel designed is built a few centimeters above 2 existing tunnels. The two 
tunnels below cross at a skew angle and consist of two 17m wide tunnels separated by a - 
10 m wide rock column, both tunnels have been prepared for the new tunnel crossing above 
by implementing concrete arches replacing the rock roof span. 
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Figure 2. Plan view of TD. concrete arches of TB marked in dashed. 


2.2 Building foundations 


The building above is 6 stories high and built in 1910, the front façade of the building where 
originally founded on 8-10m long oak piles while the backside of the building is resting dir- 
ectly on the bedrock. The building had ongoing settlements through its life, even after add- 
itional underpinning that was performed in 1979. The original foundations and piling take up 
most of the foundation area in the building and extends under the road in front of the house. 

The narrow road in front of the building houses a range of utilities, water, sewerage, gas, 
district heating, electricity and communication cables. Water and sewerage are located down 
to 4m below the surface. 

The alignment was fixed due to the location of a station nearby and the continuation of the 
tunnel in the neighboring contract. The tunnel, therefore, had to pass above the tunnels below. 
The tender design was based on a standard twin rail tube section including a local concrete lining. 
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3 INITIAL KNOWLEDGE OF GEOLOGY AND HYDROGEOLOGY 


Due to the crowded upper ground, the possibility for ground investigations is limited, and the 
existing information on geology is only based on previous existing ground investigations and 
information on the building foundation. 

Based on the existing information along this stretch of the tunnel, it was expected to have 3 
sets of fault zones in conjunction with a “soil pocket”, reducing drastically the rock cover. 

However, at the feasibility stage of the design, the depth of the “soil pocket” was unknown, 
meaning that the rock level could have been above the TD, protruding in the TD alignment or 
even extending all the way to the bench of the TD, and no additional ground information was 
seen possible until the start of excavation works. 

The sketch below summarizes the uncertainties on the rock level and the fault zones along 
the TD. 

The approximately 18m of soil above the tunnel is primarily consisting of silty sand, sand 
and gravels and is water-bearing with the aquifer a few meters below the ground surface, 
lowering of the groundwater in the area is not allowed. For the structural design, the water 
level has been conservatively assumed at the surface. 


Building 1 — — Building 2 — 


Figure 3. Existing information on the geology. a) Uncertainty of the rock level; b) expected fault zones. 


4 INITIAL RISK ASSESSMENTS 


Based on the knowledge of the ground and the rock a range of primary risks was identified 
and used to define the base structural solution, described in the section below. 
The list below summarizes the principal risks and the initial possible mitigations. 


1. Control of ground water — grouting, jet-grouting, freezing 

2. Risk of further settlements of building — minimizing excavation steps to reduce volume loss 
and avoiding inflow of soil and water 

3. Uncertainty of condition of the surrounding rock — forming of tunneling method that can 
span the two tunnels below 

4. Uncertainty of the composition of the soils above the rock — include a vault that can sup- 
port the soil if it extends into the tunnel cross section 

5. Risk of collision with building piles when executing grouting and spiling — Probing and 
vibration monitoring in building 

6. Risk of building piles extending into the crown of the tunnel — considering new pile support 
regime to allow cutting and undermining of piles 


5 DESIGN PROCESS 


Below it is described how the structural solution has evolved during the different stages of the 
design based on the existing and new information. 
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5.1 Feasibility solution 


The initial design approach was based on a worst-case scenario where the tunnel needed to 
carry all loads from above to the areas between and next to the tunnels below, the structure 
consisted of two longitudinal beams along the sides of the rail tunnel, forming the base for the 
vault supporting the soil, water and the building above. 

The beam solution was initially formed as two parallel beams spanning over the tunnel 
below and supporting soil, water pressure and building loading on the full length of the 
beams. However, it was quickly acknowledged that the magnitude of load was too big for this 
approach and the area of the arch had to be reduced to only covering the zone where the 
depression of the rock was most prominent. Secondary vaults next to the weak zone included 
support on the rock next to the beams. 

It can be observed that the feasibility solution did not cover risk 1, 2, 5 and 6, presented in 
section 4 


b) c) 
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Figure 4. Cross section in span and by supports. 


5.2 Preliminary design 


The modeling of the rock was further developed during the transition between feasibility and 
preliminary design phase and led to 4 possible rock surfaces with varying degrees of depres- 
sion of the rock (see Figure 3). 

The most optimistic rock surface had a few meters of rock cover, while the most conserva- 
tive rock surface had the soil pocket extending almost to the bench of the tunnel. 

The preliminary design took offset in forming solutions that could allow for uncertainty in 
the rock surface as explored during execution. 

Calculations of the rock performance made at this stage gave an initial indication that the 
beams could be omitted, this was though still to be confirmed by rock mass investigations. 

On this basis it was then decided to discontinue the design of the beam solution and go for- 
ward with a permanent arch solution, resting on the rock next to the tunnel vault (rock shelf 
solution). 

Parallel to this, there were studies of the building foundation piles and ground treatment to 
explore methods for the execution of the tunnel vault. The key issues here were the presence of 
a large number of piles, risk of boulders and weathered/heavily fractured rock and even the 
potential of building piles protruding into the tunnel. 

During this phase, it was concluded that conventional spiling was not a feasible solution as 
it had a large risk of colliding with building piles. Additionally, the spiles themselves did not 
offer the required strength to support the ground formation above. It was therefore decided to 
go forward with a horizontal pipe umbrella roof supported by heavy steel ribs. 
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Figure 5. TD cross section without beams (Feasibility study). 
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Figure 6. TD longitudinal profile, with pipe umbrella supported on steel ribs. (Feasibility study). 


Left was the issue with the treatment of the soil and the risk of clashes with building piles. 
A range of solutions was kept open, such as high-pressure soil grouting, jet grouting, compen- 
sation grouting, and soil freezing. 

However, jet grouting was considered risky due to shading from piles and boulders, there were 
also concerns about heave/settlements. There was no space available for a compensation grouting 
scheme. Experience with the soils showed it to be hardly groutable while still water-bearing. And 
finally, there were concerns about heave/settlement in connection with a freezing scheme. 

Risk 1, 2, 5 and 6, presented in section 4, remained unsolved at the end of the preliminary 
design phase, while the handling risk 3 and 4 still relied on late confirmation of rock quality. 

The table below summarizes the evolution of the design throughout the different design 
phases 


5.3 Detail design 


During detail design, it was possible to perform boreholes from the TB, confirming the exist- 
ence of a rock shelf capable to transfer the loads from the vault of the TD. However, final 
confirmation was still to be based on exploration drilling from within the tunnel, during 
construction. 

The initial design of the pipe umbrella and steel ribs was resulting in very large pipes and 
ribs in the worst-loaded parts of the tunnel. This led to the decision of using ground freezing 
to secure water tightness and to assist the temporary support structure in the temporary phase. 
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Table 1. Evolution of the design trough the different design phases. 


Feasibility Preliminary Design 


Vault t e @ 1" implemented 
STR Beam o — - —> Carried through 
Slab o —+ Impact path 


Grouting ® Adjusted 
GT | Ground freezing ® Excluded 


Jet-grouting A Confirmed 
Compensation grouting 


Pre-investigation 


Gl Probing 
TB investigation 


Tunnel Clearance 


Building investigation 


Building strengthening | 
Ad Monitoring 


Design Scenarios 


Ground freezing experts and grouting experts were once again approached to back 
a decision on the type of ground treatment, and soil samples were recovered during the execu- 
tion of a recharge well, these soil samples were sent for testing of frozen properties. 

While the borehole from TB provided additional information on the rock between the TB 
and the TD, it did not provide any clarification on the level of the rock above TD. 

This uncertainty on the rock level led to a scenario-based design. Where the different rock 
levels, described in section 3, were considered as design scenarios, and for each scenario, 
a temporary solution has been designed. The final temporary support is then chosen on-site, 
during construction, based on the results from probing performed at the face excavation. 

Regardless of the scenario, the temporary ling is performed by pipe umbrellas; ground 
freezing, and steel ribs, as described below. 


Figure 7. Boreholes performed form the tunnel below, confirming the presence of a rock shelf. 


5.3.1 Pipe umbrella 
Due to the low rock cover and foundations above, the pipe umbrella has been designed to 
support the entire overburden whilst still accounting for the contribution of the frozen 
ground, as a structural member. The pipe umbrella spans over the excavation and it is sup- 
ported on the steel ribs from the previous excavation and the ground/rock ahead of the exca- 
vation, supporting the ground over the free span. 

The pipe umbrella has been designed for each stretch individually. Along the 1* stretch, 
where the confidence on the rock cover is higher, the umbrella is inclined, creating space for 
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the installation of the 2"? pipe umbrella. Along the second stretch, the pipe umbrella is placed 
horizontally, reducing the probability of hitting the existing pile foundations. 

The drilling of the pipe umbrella is also used as preliminary probing, confirming if there is 
a protrusion of ground in the excavation face. 


> ji A 

Y i‘ 

Pipe umbrella : D HEA 

ú SA ay N 
y y ¥ y y ¥ y y S K A» “a ) xX 


A 


Pipe yea + freezing 


TD L. \ 


Steel ribs + concrete lining 


-- Stretch 1 ii Stretch 2 -- 


Figure 8. Longitudinal alignment of TD, divided in stretches with respective temporary support solution. 


5.3.2 Ground freezing 
Freezing of the ground has been considered, both for water tightness during construction, and 
for strengthening of the ground, in order to provide additional support during each excava- 
tion advance, supporting the free span. 

The freezing pipes have been placed inside the umbrella pipes in order to reduce space and 
avoid drilling new boreholes. Temperature sensors used to monitor the temperature of the 
frozen ground have been placed in the probing boreholes. 


qs 


SUERTES 
F n 


Excavation Face 


Figure 9. Structural verification of the frozen ground along the free span. 


5.3.3 Steel ribs 
Steel ribs have been used as part of the temporary lining, supporting both the overburden and 
the pipe umbrella during excavation advances. 

Since the uncertainties of the rock level led to a scenario-based design relying on probing 
during construction, the final design solution had to be adaptable. 

The final solution was then defined by maintaining the steel rib size, regardless of the design 
scenario, and varying the free span (either by the length of the excavation advances and/or the 
allowable distance between the face of the excavation and the last steel rib installed). 
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Freezing pipes inside the 


pipe umbrella 


Figure 10. Ground freezing scheme. 


Along stretch 1 of the excavation, where there is a higher rock cover, HEM280 is con- 
sidered, whereas, for stretch 2, the area with higher uncertainties on the existence of a rock 
cover, HEM 320 is used. 

Regardless of the scenarios or stretches, all the steel ribs are connected by a stiffener to help 
to support and arch the forces during each advance, while only one side of the steel rib is filled 
with concrete. 
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Figure 11. Representative sketch of the steel rib for temporary lining. 


6 CONCLUSIONS 


A range of risks/problems were identified at the feasibility level by a thorough risk assessment 
and formed the basis for taking decisions during the design process. 

The risk of hitting foundation piles and by that harming the building above was not closed 
by the end of the detailed design, this led to the final decision of underpinning the building to 
make sure that even if piles are hit the building above is still safe. 

Working with a focus on risks leads to finding solutions that interact and solve more than 
one design problem rather than solving one issue at a time. 
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ABSTRACT: Appraisal of ground settlements induced by urban tunneling, provide valuable 
input for quantifying risks associated with settlement induced damage to buildings and surface 
facilities. Methods to evaluate such hazards are empirical in nature, and buildup of the empirical 
database with local data is the best way to gain confidence on such predictions. The motivation 
of this study is to present and compile tunnel induced ground settlements along a section of 
Athens metro located in the western suburbs of Athens and associate them with the encountered 
geology, tunnelling sequence and applied support measures. The study focuses on parameters of 
settlement trough developed in soft rock formations characterized by great variability and het- 
erogeneity, like the local Athens schist and as well as marly Neogene deposits encountered in 
the Athens basin. In the studied section max settlement values Smax have been controlled well 
along most of the tunneling length, but specific incidents associated with tunnel face instabilities, 
resulted to high settlements values, just above tunnel axis. Volume loss V, has been confined in 
the range V =0.5%-1.0% while values of settlement trough width parameter i were found in the 
range of i values reported in the literature for stiff clays/soft rocks. 


1 INTRODUCTION 


The conventional tunnelling method (also referred as Sequential Excavation Method - SEM) is 
a versatile method for urban tunneling, which with proper design, skilled construction, perform- 
ance monitoring and risk and quality management, can be also very efficient and safe. Although 
TBM tunneling tends to take an ever-increasing share of urban tunneling, SEM is -and will be- 
a valuable tunneling technique for shorter tunnel stretches, tunnel connections (trumpets), 
access galleries, underground utility chambers, station caverns etc. The systematic study of the 
performance of SEM tunneling in various geological environments and specific tunneling prac- 
tices is valuable; lessons learned can form the basis to optimize and standardize the tunnel 
design, to improve predictions of performance and to learn from construction difficulties and 
failures. More importantly, performance data can provide an empirical baseline for settlement 
induced damage risk assessment, enhancing the reliability of numerical predictions. 

This paper presents and compiles tunnelling induced ground settlements for a section of line 3 
of the Athens Metro, running along the Western margin of the Athens Basin, through typical 
geological formations and geotechnical conditions encountered in Athen’s tunnelling. 


2 PROJECT SETTING 


The section of the metro line studied in this presentation is crossing the western suburbs of Athens 
metropolitan center in the municipalities of Egaleo and A.Varvara. The running tunnel stretches 
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between the “Egaleo” and “A.Marina” metro stations (see Figure 1) and extend up to a terminal 
ventilation shaft. Tunnelling works along this section of the line, have been undertaken under two 
separate EPC contracts, but the design was undertaken by the same design firm following a uniform 
approach. Project design and execution has been presented by Nakou et al., (2011) and Schina, & 
Charalampidou (2014), while the design and construction of Egaleo and A.Marina stations, have 
been presented by Alexandris et al., (2007) and Alexandris et al., (2014) respectively. 

The studied tunnel section comprises tunnel stretches of double track tunnels, 9.80 m wide, and 
larger triple track tunnels 14.15 m wide. As seen in Figure 4, the 728m long triple track tunnel that 
commences after Egaleo station, is followed by a 585 m long double track tunnel section up to A. 
Marina Station and finally a 366m stretch of double track tunnel follows up from the end of A. 
Marina station to a terminal shaft. On Figure 4 the location of the shafts serving as access points 
during tunneling works and as ventilation or emergency exit shafts during operation is also noted. 

The tunnel alignment runs mainly under major roads crossing a densely build area (Iera 
Odos-El. Venizelou) to avoid tunneling under buildings. However, in some sections mainly in 
the vicinity of A.Marina station the tunnel has been mined beneath buildings. The urban area 
in the immediate vicinity of the line is build with 2 to 5 story buildings, mainly reinforced con- 
crete frames with infill masonry walls. 


Figure 1. Section of SEM tunnel studied. 


3 GEOLOGY AND GEOTECHNICAL CONDITIONS 


From the geological point of view, tunneling was performed mainly within the Athens Schist for- 
mation, a geological formation that covers most of the Athens basin area. Tunnelling works took 
place also within more recent Neogene deposits which overlay the older Athens Schist, at the west- 
ern—northwestern margin of the Athens basin. An outline of the geological structure and the evo- 
lution of the Athens basin is presented by Papanikolaou et al 2002, while a thorough and detailed 
study of geology and structure of the area has been presented by Boronkay et al., 2021 who used 
the most up to date geological and geotechnical data from the Athens Metro project. 

Athens Schist is a sequence of Cretaceous age flysch type sediments, composed by lightly meta- 
morphosed sedimentary rocks (sandstones, siltstones and claystones). As presented by Papaniko- 
laou et al 2004, the Athens Schist formation has been subjected to intense folding and thrusting 
during the Eocene, resulting to faulting, shearing, and fracturing of the constituent rocks. 

From the stratigraphic point of view, two units are distinguished in the Athens Schist for- 
mation. The upper unit comprises of meta-sandstones, meta-siltstones, calcareous sandstones, 
and more rarely volcanic formations interbedded with weaker and more plastic layers (mainly 
meta-siltstones or claystones). Intensive faulting has created slickensides in the fine grained 
and plastic facies (siltstones) and has caused intense fracturing in the more brittle facies (sand- 
stones etc.). The lower unit of Athens Schist formation is characterized by a dark color (dark 
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brown to dark gray) and is distinguished to the upper unit by the presence of weak and more 
plastic facies, such as clayey schist, graphitic schists, and meta-siltstones. In the lower unit, 
faulting and shearing is more intense while in certain areas folding and micro-faulding result 
to a weak chaotic structure. 

The Neogene age sediments rest uncomfortably on the Athens schist formation and comprise 
lithified, limnetic — marine and deltaic deposits such as marls, siltstones, sandstones, conglomer- 
ates and marly limestones. The fan-shaped geometry of these deposits, the side transitions and 
the variable degree of alteration and disintegration of the various sedimentary facies lead to 
variable and mixed face tunneling conditions. For classification purposes Neogene deposits are 
characterized as coarse grained and fine grained to distinguish the conglomerates and sand- 
stones by the weaker and (in general) more impermeable siltstones and claystones. 

The encountered geology along the tunnel route and the succession of encountered forma- 
tions is outlined on the longitudinal geological section of Figure 2, extracted by the Boronkay 
et al., 2021 study. 


{E ] Man, marty limestone 


[oa] Quaternary fluvio-torrential deposits {—]sittstone 
& alluvium HE clayey Sreccie 
Plio-Pleistocene fiuvio-terrestial deposits f=] Biuish grey siltstone 
[um | Upper Miocene lacustrine deposits } = Unite 
= 
TEA F Limestone 
|*= _]Metasandstone 
Upper Athens Schist Metasandstone & 
Aghia ———— metasiltstone alternavions 
= Epidote chlorite schist 
Marina [x | Lower Athens Schist ————————,, = ee Egaleo 
Talc schist H 
Station | E Taic soris Station 


Altered meta-volcanics 
m Clayey shale 
í 


Altitude (m) 


Studied Tunnelling Section 


Figure 2. Geological section across the studied tunnel stretch (Modified from Boronkay et al 2021). 


4 TUNNELLING WORKS 


Design of the tunnelling works was based on previous experience on Athens Metro and was fur- 
ther developed by the designer to adapt to specific geotechnical conditions and project specific 
requirements. Careful study of geological, environment and geotechnical conditions based on 
a high-quality geological survey and geotechnical investigation campaign led to a forecast of 
anticipated geotechnical conditions, that in turn formed the basis to identify a series of rock mass 
behavior types and definition of respective tunnelling sequence and temporary support system. 

Tunnel face stability and stability of unsupported span is a major concern with open face 
SEM tunnelling. At sections where rock mass behavior type comprised a stable tunnel face 
and unsupported span, the tunnel support system comprised only of shotcrete and fully 
grouted rockbolts. In sections where local instabilities and raveling conditions were antici- 
pated the crown area was spiles were also foreseen. In more adverse tunnelling conditions, 
where potential face stability problems were evident, tunnel face stability was ensured by 
installation of forepoles (usually 12m long tubes installed at a step length of 8 to 9m) whilst 
tunnel face was also reinforced by fiberglass nails. 

The smaller double track tunnel was excavated full face and was followed by the excavation 
and closure of the invert, whilst the much larger triple track tunnel was excavated in two phases 
(top heading and bench) and both top heading and bench excavation were also followed closely 
by invert construction. Typical tunnel cross sections and applied temporary support systems are 
presented in Figure 3. 
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Design analyses were based on two-dimensional FE/FD elastoplastic modelling and were 
used to evaluate adequacy of temporary support system and predict ground settlements. Rock 
strength and deformability parameters were evaluated according to the procedure recom- 
mended by Hoek et al. (2002) and Hoek and Diederichs (2006) for the various rock mass clas- 
ses identified. On execution, rock mass condition was characterized on the basis of criteria 
that included the GSI but also other behavioral parameters including groundwater flow, ten- 
dency of raveling and measured ground settlements from preceding sections. 


Fair Rock 


14.15m 
Triple Track Tunnel Double Track Tunnel 


Figure 3. SEM tunnel sections and primary support applied on fair and weak rock conditions, for 
double and triple track tunnel sections. 


5 TUNNELLING INDUCED GROUND SETTLEMENTS 


Tunnelling induced ground settlements were monitored during the tunnelling works by a dense 
network of monitoring points, installed either on ground (roads and pavements) or on buildings 
(see also Nakou et al., 2011 and Saplachidi & Vougioukas 2018). The field of vertical settle- 
ments after completion of tunnelling works is described by the contours shown in Figure 4, pro- 
duced by interpolation between the actual monitoring points. The same figure present also 
localized areas where settlements were high as a result of adverse geotechnical conditions and 
poor performance of tunnelling works. It is also noted that most of the buildings in the vicinity 
of tunnel axis were low and relatively flexible structures (compared to fairly stiff ground) hence 
soil structure interaction did not affect significantly the observed ground settlements. 

Based on the above three dimensional field, settlement throughs were drawn every 
25 m along tunnel axis to study their characteristics and correlation with ground conditions as 
well as tunnel size and overburden. 
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According to common assumptions, the settlement through in a two-dimensional plane has 
a bell-shaped normal (Gaussian) density curve (Peck 1969, Attewell et al. 1986), expressed as: 


s(x) = ee (1) 


where: 
s(x) is the settlement at distance x from tunnel axis, 
Smax 18 the maximum settlement on the tunnel axis and 
iis the distance from centerline of the point of inflection of the Gaussian curve 


Fitting a Gaussian function to the settlement measurements is done by plotting all settle- 
ment measurements on a In(s)-x” space and then by performing linear interpolation, the fac- 
tors of the below equation are determined. 


In[s(x)] = — (=) x? + In[smax] (2) 


After least square fitting, using equation (2) the distance of point of inflection from the axis 
i and the maximum settlement Smax of the fitted Gaussian curve can be calculated. An 
example of the interpolation process is shown in Figure 5. 

The correlation coefficient R? of the linear regression is an indicator of the goodness to fit of 
the theoretical curve to the monitoring data. In the present analysis few sections with abnormal 
settlement curves (with correlation coefficient lower than R?<0.75) were excluded from the stat- 
istical analysis that follows. The excluded troughs were biased or ill-defined, due to poor cover- 
age by monitoring points or have been affected by neighboring excavations or structures. 


The volume under the Gaussian settlement trough is calculated from: 


V; = Vri Smax (3) 


Volume loss is the ratio of the settlements curve to the excavation volume. For a circular 
tunnel, volume loss is given by: 


32 i Snax 
VL = = D (4) 

Volume loss can be also calculated directly from the actual settlement trough by integrating 
numerically the graph without any interpolation with a Gaussian curve. Comparison to the two 
values is an indication of the goodness to fit of the Gaussian curve, that was found generally good. 

Max settlement values Smax shown in Figure 6 have been well controlled along most of the 
tunneling length, but specific incidents associated with tunnel face instabilities resulted to 
higher values of settlements just above tunnel footprint. Settlement trough at these locations 
deviate from the Gaussian curve. Figure 6 depict also the correlation of Vy, with Smax and 
shows that Vu is in the range of Vi (“%)=(0.035~+0.10) Smax(mm) with a representative value of 
V_(%)=0.50 Smax mm). The relationship of trough width parameter i to the overburden and 
tunnel diameter for this dataset is presented in Figure 7. Derived values are in good agreement 
with the curves presented by Peck 1969 for hard clays and soft rocks. 

The statistical distribution of volume loss for the tunnel sections in Athens schist formation 
and in the formation of Neogene formation, (assuming that 25 m long sections are independ- 
ent variables) can be used in future risk analysis exercises. Figure 8 shows that V, is generally 
limited to less than 1% (or less) with the exception of few individual sections of higher Smax 
and V. These sections (also highlighted with red color in Figure 4) are associated with occur- 
rence of face instability and reveling incidents that represent a major hazard with these forma- 
tions. It is also observed that expected value of Vņ is higher in the Neogene formation, but it 
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is also observed that the distribution is more widely scattered as a result of the variable nature 
of the formation. The empirical curves of Figure 8 provide not only an indication of the 
expected value of volume loss for the Athens schist and the Neogene formation, but also 
values for various confidence levels. 

Considering the present dataset, maximum settlement Smax and volume loss V, is weakly 
correlated to overburden, as demonstrated in the graph of Figure 9. Figure 10 explores the 
correlation of volume loss with rock mass index GSI, as estimated at tunnel face during tun- 
nelling. Arguably the correlation is not strong, and this demonstrates the importance of other 
factors that may be overlooked when lithology and GSI at tunnel face is used as the sole 
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Figure 7. Settlement trough width parameter i as a function of overburden and tunnel diameter. 
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Figure 8. Cumulative distribution of the volume loss values along the studied tunnel stretch. 


criterion for characterizing geotechnical conditions. For the Athens schist formation where 
the weaker, lower unit is overlaid by a more competent geological unit, deeper sections of tun- 
nelling in weak rock conditions will not result to excessive settlements. The competent upper 
unit of meta-sandstones/meta-siltstones act as compensator of induced settlements. Of course, 
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when the thickness of the upper unit is small, more settlement (and higher volume loss) shall 
be expected. Likewise, in the formation of Neogene deposits higher settlements and volume 
loss were observed where alterations of weak fine-grained plastic sediments (claystones, silt- 
stones) by more permeable sandy/gravelly layers (weak sandstones, conglomerates) allow 
higher water ingress and washout of swelling of siltstones leading to gradual extrusion of face 
core and wedge instabilities. In such cases it is difficult to stabilize the tunnel face, but also to 
control the convergence of the lining ring before the invert is closed. 


6 CONCLUDING REMARKS 


The present study compiles tunnel induced ground settlements along a 1200 m long section of 
SEM tunnel for Athens Metro, across the geological formation of Athens schist and more 
recent Neogene sediments. Settlement troughs and volume loss values were evaluated and 
their dependence on geological and geotechnical conditions is discussed. 

Max settlement values Smax have been well controlled along most of the tunneling length, but 
specific incidents related to instabilities at tunnel face resulted to higher values of settlements just 
above tunnel footprint. Settlement trough at these locations deviate from the Gaussian curve. 

It is found that generally volume loss Vy is usually in the range of Vp =0.5%-1.0%, with 
expected value 0.7%. Volume loss in Athens Schist was found to be lower than average, well 
below Vy =1.0% while in Neogene formations somehow higher when weak siltstones/clays- 
tones are encountered but can be limited below V =1.5%. Settlement trough width parameter 
i (distance of the inflection point from the tunnel axis) does not differ from published values 
for stiff clays/soft rocks. 

Max settlements, volume loss and shape of settlement trough in general, is not controlled 
only by lithology and rock mass quality as characterized during tunnel face mapping, but also 
on other parameters that shall not be overlooked, like geotechnical profile up to the ground 
surface, groundwater conditions, and geological structure (joints, folds, stratification) at 
tunnel scale. Of course, tunnelling induced settlements will ultimately be limited by cautious 
design and skillful execution of the tunnelling works. 
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Structural design of Piraeus port metro station 


D. Alifragkis, E. Gavrielatou & A. Gkavogiannis 
Attiko Metro S.A., Athens, Greece 


ABSTRACT: This case study refers to the construction method and the structural design of 
a new Metro Station at Piraeus Port within the Athens Metro Line 3 Extension. The Station is 
fully underground and located near the sea docks, under the main traffic artery, close to 
a landmark building housing Metro Company offices and an existing modern footbridge. Strict 
requirements such as the Station’s large dimensions, preservation of groundwater level and main- 
tenance of the port traffic as well as the difficult hydrogeological conditions led originally to 
adopting the top-down method with permanent diaphragm walls. Due to technical reasons, it was 
later decided to change the method to a classic cut & cover structure with temporary retaining 
diaphragm walls and prestressed steel struts. Various design issues had to be resolved by the 
Owner ATTIKO METRO SA and the Contractor/designer. The decision to change the construc- 
tion method to cut & cover instead of top down offered better solutions, nevertheless disclosed 
controversies in the design and the construction phases. As large ground and water pressures 
acted on the walls, the 30m long steel struts, which also suffered temperature axial loads, had to 
be huge square sections of welded thick plates specially fabricated. The structural design of the 
Station permanent lining had to consider the consecutive construction stages of rising up the con- 
crete building frame while removing struts plus installing the waterproofing membrane. Another 
major design issue was the large uplift forces on the Station structure from high groundwater. The 
Station entrances were also constructed as cut & cover using retaining secant piles or short dia- 
phragms with steel struts. A sensitive monitoring system was installed to record deformations and 
stresses of the retaining structure itself, as well as of the adjacent structures. Finally, proximity to 
seawater brought about a carefully chosen waterproofing system that covered the whole of the 
Station and entrances. Construction is now completed and the Station is fully operational. 


1 INTRODUCTION 


The most recent extension of Athens Metro Line 3 “Haidari-Piraeus” was from “Agia Marina 
Station” to “Dimotiko Theatro Station”. The contract was awarded to the Joint Venture 
“J&P-AVAX S.A. -GHELLA SPA — ALSTOM TRANSPORT S.A.”. Construction of this Pro- 
ject was completed in October 2022 when the last three Stations of the Extension were delivered 
to operation, among them Piraeus Station at the port area. A major transport center has now 
been developed around Piraeus Station, which functionally intergrades two Metro lines (Lines 1 
and 3), the actual Port, the Suburban Railway and the recently put to operation Tramway Exten- 
sion to Piraeus (5.4 km long single line with 12 stops). In addition, the central harbour of Piraeus 
is now directly connected to the Eleftherios Venizelos International Airport through Line 3. 
Piraeus Station has been constructed at Akti Kalimassioti avenue which is the main street 
that encloses the docking area at the Piraeus passenger harbour. The station central box is 
approx. 120m long, 30m wide and 27m deep from ground surface, is fully underground and 
lies right under the aforementioned street. It houses three levels which are concourse, electro- 
mechanical storey and platforms (Figure la). The station incorporates two ventilation shafts 
and two passenger entrances plus one more planned for the future (Figure 1b). A modern 
footbridge is crossing the station. To the station’s east side and almost in contact with it, lies 
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a 5-storey landmark building from 1925 which houses the Metro Company offices (ISAP 
building). On the west side and at a distance less than 20m lie the port docks and the sea. 


(a) 


b) 


Figure 1. (a) General view of Piraeus Station site area and cross-section; (b) plan view. 
2 GEOTECHNICAL CONDITIONS 


The stratigraphy of the ground at Piraeus Station can be simplified as shown in Figure 2. The first 
layer (Stratum I) of 1.8m depth is manmade deposits (MMD). The second layer (Stratum II) con- 
sists of marsh deposits “Alipedon”, while Stratum III of grit loose to well cemented conglomerates. 
Stratum IV comprises sands, silty sands and silty sandstones. Stratum V comprise silts, sandy silts 
and sandy siltstones and shows significantly low permeability in comparison with all other strata. It 
is to be mentioned that this stratum shows uneven thickness along the station area as seen in 
Figure 2. Finally, Stratum VI consists of conglomerate, breccia and grit loose to well cemented, 
while, scattered across the station area and at great depth, there has also been identified contact 
with the underlying formations “Marga of Piraeus”. The groundwater level is defined at the same 
level with the sea and approx. 1~2.5m from the ground level. The chemical analysis of the ground 
water is shown in Figure 3 for two indicative boreholes. The exposure classes of the concrete related 
to environment according to the European standard EN 206-1 as well as to the Greek Concrete 
Technology Standard (GCTS 2016) are: XA1+XA3 for chemical attack, XS2 for corrosion induced 
by sea water chlorides, XC3 (inner side) XC1 (outer side) for corrosion induced by carbonation. It 
should be noted that due to the proximity of the station’s location to the sea as well as the existence 
of the conglomerates, no practical lowering of the water table was expected to be achieved. 


3 CONSTRUCTION METHOD 


3.1 Restrictions during the design of the station 


At the design phase of the station, the authority ATTIKO METRO S.A. had to consider certain 
restrictions. These were: a) the 3-lane traffic in each direction of the coastal avenue Kallimasioti, 
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under which the station extends, should be ensured during construction of the project, b) the loca- 
tion of the station was at close distance to the port, consequently the underground water was con- 
nected with the sea rendering its level lowering quite difficult, c) its eastern wall was almost in 
contact with a sensitive 5-storey building whose deformations should remain minimum, d) a steel 
footbridge crossing the station whose foundation was in contact with the station’s western walls 
and e) two twin rainwater drainage pipes at the north face of the station whose function should 
not be interrupted and their relocation presented many difficulties. 
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Figure 2. Piraeus Station - Geotechnical design profiles. 


Aggressivity tests of groundwater samples 
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Figure 3. Piraeus Station — Concrete exposure classes. 


3.2 Conventional method 


The construction method initially selected at Tender phase was the “top down”. The station pit 
perimeter would be 1.20m thick and approx. 40m long Diaphragm Walls (DT) both as tempor- 
ary retaining and as permanent structure. Four rows of piles, with 2 steel sections HEA600 each 
and filled with sand from the level of the bottom slab upwards, were foreseen inside the station 
layout with a length of approx. 40m to temporarily support the concrete slabs during construc- 
tion. Half of them would remain as permanent columns of the structure (Figure 4) 

Selection of the top-down method was based on four major reasons. First, the retaining structure 
should have adequate stiffness in order to limit surface settlements and avoid large movements of 
adjacent structures (e.g., pedestrian bridge, Metro company building). In addition, since in this 
method the construction of the permanent structure is completed in every excavation phase and its 
dead weight is present along with the existence of the piles ensures relatively less risks against 
hydraulic failures, that is bottom buoyancy, bottom fracturing under adverse hydrogeological condi- 
tions, uplift of the permanent structure. The groundwater level would also be preserved around the 
perimeter of the station. Moreover, cover and cut construction would ensure an unhindered service 
of the traffic on the coastal avenue by phasing construction of the station’s cover slab. 
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a, Conventional method b. Apptied method 


Figure 4. Conventional method vs Applied method. 


Still, there were uncertainties regarding the quality of the final permanent structure. 
A critical point was that main works would be executed under non-visible conditions. There 
would be limitations and difficulties in the identification of possible defects and much less 
limited accessibility to repair them. The lack of a waterproofing system as well as the increased 
probability of geometrical structural deviations of the diaphragm walls were also inhibiting 
factors for the application of this method. 


3.3. Consideration of a new method 


While the Project was at the beginning, the Piraeus Port Authority proceeded with the widening of 
the docking area towards the sea by almost 20m. This fact gave us the opportunity to have traffic 
deviated into the newly built dock area and thus reconsider the necessity of the top down method. 

ATTIKO METRO S.A. in cooperation with the Contractor’s Designer (OTM S.A. Engin- 
eering Consulting Company, Athens, Greece) thoroughly investigated alternative methods for 
the station construction. The conclusion was that the simpler method of Cut & Cover was 
now feasible. Full waterproofing of the final structure could now be achieved while construc- 
tion works would be easier and faster in open air instead of the difficult environment of closed 
and covered space. The temporary piles inside the station box with 14m embedment under the 
bottom slab were no more required. 


3.4 Applied method 


The selected construction method of the central part of the station provided for temporary 
retaining diaphragm walls 0.80m thick, 39m long, with 5 rows of prestressed steel struts. The 
panels were 2.80m long excavated with mechanical DT grabs. The dimensions of the rectangular 
shaped struts were: Ist row: 700x660x20mm, 2nd row: 960x900x30mm, 3rd & 4th row: 
970x900x35mm and Sth row: 1220x1150x35mm. Excavation of the pit was completed in seven 
phases. Its end faces were supported by oblique struts (5 plus | additional row). The permanent 
concrete lining would be built in phases from bottom to top with simultaneous removal of each 
strut level. The station entrances would be constructed independently. The proposed Cut & 
Cover method with independent temporary support and internal permanent construction within 
a watertight basin, allows the construction of the permanent structure under visible and con- 
trolled conditions, contrary to the Top Down method with permanent DT. Therefore, it was 
safer against possible geometric deviations while waterproofing failures were limited and easily 
accessible for repair. Moreover, a compartmentalized waterproofing system would be applied 
on all external surfaces of the station consisting of geotextile 800g/m7, PVC waterproofing mem- 
brane 3 mm thick and waterstops to isolate the compartments. Finally, construction from 
bottom to top ensures monolithic construction and better concrete quality of the structure. 
Difficulties of this method, on the other hand, included continuous water pumping during 
excavation for assuring a dry working environment inside the excavation pit. Due to this con- 
tinuous lowering of the water level, an increase in the difference between external and internal 
groundwater pressure, that is an increase in hydraulic gradient, is caused. That combined with 
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the fact that below the excavation level, a thin layer of Sandy Silts remained which showed 
particularly low water permeability in comparison with the underlying layer of conglomerates 
with higher permeability (up to 100 times). Therefore, the risks of bottom fracture as well as 
uplift were increased. Deep pumping accompanied by instrumental monitoring of the stresses 
at the interface between geological formations V and VI as well as below the bottom slab were 
active throughout the construction of the permanent structure and backfilling of the roof slab 
in order to control uplift forces. The monitoring readings were carefully evaluated and, when- 
ever required, water pumping followed. The water quantities to be pumped were defined 
according to the specific construction phase as well as to the various pumping station loca- 
tions since the geological stratum was not even all along the station area. 

The ISAP building was to be protected against potential settlements caused by the ground- 
water possible lowering due to dewatering inside the excavation pit. Therefore, the water table 
outside of it should remain unaffected as excavation works proceeded downwards and water 
seepage through the diaphragm walls inevitably occurred. It was decided to continually monitor 
and reinstate the underground water table as needed using recharge wells. The dense arrange- 
ment of large struts at clear distances ~4,50m confined the available work space in the pit. In 
addition, each construction phase of the permanent structure required a number of consecutive 
sub-phases of strut removal, especially at lower levels where intermediate supports were added 
and struts were repositioned. This resulted in an increased number of construction phases, of 
corresponding construction joints and of special waterproofing measures at these joints. 

Concerning the two accesses of the station - swallower structures than the main box — they 
were constructed using the Cut & Cover method too. The one towards the seaside (Access 2) 
had a similar retaining system as the central part with diaphragm walls and struts while the 
other one (Access 1) was constructed using secant piles and struts. 

The ISAP building, the pedestrian bridge, the adjacent buildings and the surrounding 
ground surface showed negligible deformations/settlements during the whole process of the 
station construction and no damages were reported. 


4 STRUTS DESIGN 


The excavation pit support system should be rigid enough to minimize settlements of the 
ISAP building and to withstand the high earth and water pressures around it. This led to 
application of steel Struts with large dimensions. Such a selection created a number of chal- 
lenges both at the design and the construction phases. 

Design issues: With the aim to obtain acceptable stresses and displacements of the tempor- 
ary support, a lot of two-dimensional numerical FEM analyses were carried out for all the 
construction stages of the excavation. Struts placement when digging downwards as well as 
their staged removal during casting the permanent concrete structure were to be taken into 
account. The design of the structural elements in ULS and SLS conditions was based on the 
most unfavorable combination from the various analyses. Especially for the struts, the follow- 
ing factors were taken into account: the axial forces of the struts based on ULS conditions; 
eccentricity equal to e=D/6 of the cross-section; moment calculated from their dead weight 
and length of each strut; additional moment due to elastic deflection; additional 2nd order 
moment due to deflection; influence of temperature changes. 

Concerning the last point, the temperature influence on the steel stresses was extremely high 
because of the unordinary dimensions of the struts, their large length as well as the high temper- 
atures of the area during the summer. As a mitigation measure, it was decided to have the three 
top rows of struts thermally insulated against temperature (Figure 5), while a temperature differ- 
ence of +20°C was taken into account in the analyses. Calculations highlighted also the need for 
decreasing the buckling length of the struts by inserting vertical and horizontal steel members 
connecting the struts at certain points as shown in Figures 4 and 6. The maximum design normal 
force of the struts reached 21.000KN and the capacity ratio 0.978 (Figure 6). 

Construction issues: Due to their large weight, each strut was brought in three parts and con- 
nected with bolts on site. Delicate handling by heavy cranes was necessary due to the dense 
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Figure 5. Struts arrangement at excavation pit’s face and insulation detail. 
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Figure 6. Struts capacity ratio. 


arrangement both in horizontal and vertical direction. Fixing their ends, by numerous bolts and 
special support decks arranged on the wailings, was time consuming as was the later fixing of the 
additional steel connectors. In the final stage, each strut was checked for its correct position and 
then was prestressed to the required load level. During the whole process of construction (exca- 
vation, retaining system, permanent structure erection) and until their removal, the struts were 
monitored by strain gages installed on 25% portion of them to check their behavior in compari- 
son to the design predictions. 


5 PERMANENT STRUCTURE 


Permanent structure’s design and construction presented a number of challenges due to the 
various restrictions of the Project. With regard to the design specifications, the proximity of 
the station to the sea led ATTIKO METRO S.A. to specify a higher concrete grade than the 
usual one, that is concrete grade C35/45 as per EN 1992-1-1 instead of C30/37 used in all 
other stations of the Project. The permitted concrete crack width in the Serviceability Limit 
State design was more stringent that usually and set for the perimeter members of the station 
(top slab, walls, raft) equal to 0.15 mm — the respective value for the other stations was 
0.20mm. Furthermore, the mix design was prescribed to produce concrete with reduced water 
permeability according to the European standard EN 206-1 as well as to the Greek Concrete 
Technology Standard (GCTS 2016). The concrete composition, which was finally used, con- 
tained 430 kg/m? cement type CEM II 42,5R and 0.42 w/c ratio. All the above covered the 
limiting values for concrete composition per exposure class according to Table F.1 of EN-206- 
1 and Table B2-7 of GCTS. Hardened concrete specimens were tested for water penetration 
depth under pressure according to EN 12390-8 which resulted in average depth of 3mm, for 
chloride permeability which resulted in low class according to ASTM C 1202 and for water 
absorption according to BS 1881 which concluded that water absorption was less than 1%. 

The safety of the intermediate phases of the permanent structure had to be secured against 
uplift since its dead load would be limited. 
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The structural design of the central (main) portion of the station was divided in three sets of 
model analyses. The first one comprised consecutive analyses with 2D or 3D models for each 
construction phase of the permanent structure. First, the temporary retaining structure was ana- 
lyzed in each phase with respective struts removed and simulating the permanent structure elem- 
ents with elastic springs of adequate stiffness. The analysis of the respective phase of the 
permanent structure was then analyzed against loading taken from the aforementioned spring 
reactions. For the first stages of construction only, that is when the bottom slab and part of the 
low walls were in place, the fifth row of struts was relocated and it was thus included in the 
model (Figure 8). Secondly, the full final lining of the central part of the Station was analyzed 
against the actions transferred to it from the struts of Access 1 during its excavation and seg- 
mental construction phases. Finally, a 3D analysis of the permanent structure was executed in 
its final stage and against all combinations of foreseen actions during the design life of the sta- 
tion (100 years). These included at rest earth pressures, maximum future groundwater table, 
possible adjacent future third-party construction or neighboring open trenches according to the 
requirements of ATTIKO METRO S.A. specifications. 

Another set of analyses was carried out for the Accesses with various models to represent 
the struts removal and partial concreted structure plus the final structure against all specified 
actions according to the Project specifications. 

Construction wise, the various restrictions of the Project led to a large number of execution 
phases following the respective directions of the structural design. Concreting of the bottom slab of 
the central part of the station had to be completed in several longitudinal phases. The excavation 
initially reached the elevation of -19.60m. Excavation until the final level (-25.40 m) was made seg- 
mentally by removing the 5th row struts of this part and simultaneous concreting of the bottom 
slab, walls of the platforms and ballast up to level -20.06 m in order to counterbalance uplift forces. 
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Figure 7. 


Figure 8. Repositioning of 5™ row of struts. 


Since the thickness of the bottom slab was large (2.50 m), the concrete casting of each part 
was done in layers with a thickness not greater than 0.60m. Each layer was laid as long as the 
concrete of the previous one was still in plastic condition avoiding thus construction joints. 
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Afterwards, the entire mass of concrete was thermally insulated with plastic sheets and poly- 
styrene plates ~Scm thick to prevent thermal shock of the concrete. When the concrete of each 
horizontal segment was hardened, the struts of the 4th row were vertically supported against 
buckling and the corresponding struts of the 5th row of the next section were removed to 
allow construction of the walls low part. Then, the 5th row of struts were repositioned to sup- 
port them until concreting of the overlying wall part and slab. This was accomplished by 
a layer of lean concrete between the platform slab and the walls where the steel plates of the 
struts were integrated (Figure 8). For the station faces, the followed procedure included one 
more phase, that is the removal of the inclined struts and then reposition toward the hardened 
concrete of the previous longitudinal phase (Figure 7). 

Due to the density of the struts in both directions, construction phases of the final lining at all 
levels were significantly increased with consequent construction problems. An illustrative example 
of this is the numerous rebar couplers that were incorporated in each construction phase of the 
perimeter walls. Strut connections and waling had left insufficient room for starter reinforcing 
bars, consequently the use of rebar couplers all around the perimeter walls was inevitable for all 
vertical construction stages. Couplers were also used at the interface between Access 2 and the 
central part of the station since their structures were monolithically connected to each other. 

Deep pumping and instrumental monitoring of stresses to control uplift forces as described in 
para. 3.4 were active until completion of the permanent structure. After that, the uplift forces 
were balanced, still the pumping system was left accessible in the technical corridors under the 
platforms for safety reasons. 


6 CONCLUSIONS 


This paper provides an overview of the construction methods examined, the design and con- 
structability challenges which had to be tackled for the new Metro Station at Piraeus Port 
during the Athens Metro Line 3 extension. This station being totally underground and within 
a difficult physical and urban environment presented a number of difficulties to the designers 
and contractors. The decision to change the construction method to cut & cover instead of top 
down offered better solutions, nevertheless disclosed certain problems. Diaphragm walls and 
prestressed struts were used as temporary retaining system. The internal concrete structure to be 
the permanent lining of the station was fully enclosed by a waterproofing system. The design, 
manufacture and installation procedure of the heavy steel struts required rigorous calculations 
and applied procedures. Mitigation measures were dictated with regard to the high groundwater 
pressures and uplift forces as well as to the ground stability during construction of the perman- 
ent structure. A large volume of analyses covering all the erection and final stages of the per- 
manent lining were performed. The Project Authority ATTIKO METRO S.A. in collaboration 
with the designers and contractors managed to overcome the difficulties and deliver a robust, 
durable and reliable station to the public. 
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ABSTRACT: This article aims to contribute with a brief presentation of the main actions 
and results acquired, both in the development of the project and in the execution methods 
during the underground excavations for the execution of the structure. The dimensioning of 
the drainage systems, ventilation and emergency exits in the construction and operation 
phases, together with the specificities and geological and geotechnical aspects of the Serra do 
Mar region, were crucial for the development of the final project. Allied to this, the best engin- 
eering techniques for structural reinforcement and quality reconditioning of the adjacent 
massif were applied. 


1 INTRODUCTION 


This paper aims to present the geological/geotechnical specificities and operational aspects of 
the construction project of the largest road tunnel in Brazil, which is currently in its construc- 
tion phase. The 3/4 tunnel with a length of 5,559.79 m is part of a tunnel complex that makes 
up the duplication work of the mountain section of the Tamoios Highway. Being excavated in 
metamorphic rocks of low to high geomechanical quality, its route goes through the escarp- 
ments and rugged topography of the Serra do Mar region. 

The main features related to geology, geotechnics and structures of the excavated massifs, 
the design aspects and criteria, methodologies and construction processes related to the imple- 
mentation of the structure are discussed. 


1.1 Location 


The work of doubling the Tamoios Highway starts at km 60+480 to 82+000, being 12.6 km in 
tunnels (T1 to T5) in the Serra do Mar, in the municipium of Caraguatatuba. This stretch of 
the route of the Nova Tamoios Highway is mostly found in areas of the Serra do Mar State 
Park. 


1.2 Context of the work 


The New Tamoios Highway was designed to connect the city of São José dos Campos (Vale 
do Paraiba) to Caraguatatuba. When it reaches the north coast, the highway will make an 
interconnection with the Contours section. In operation, the new route is expected to handle 
an annual flow of 4.4 million users. In addition, it will make travel faster, safer and more 
comfortable. 

Direct access to the Port of São Sebastiao, Increased tourism, employment, regional devel- 
opment/Direct benefits for more than 250.000 inhabitants in the cities of Caraguatatuba, Sao 
Sebastiao, and Ilhabela. 
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Figure 1. Layout Overview. Highlighted in red, tunnels 1, 2, 3/4 and 5. 


2 GEOLOGICAL AND GEOTECHNICAL ASPECTS 


2.1 Regional geology 


In this section of highway SP-099, the tunnels will be excavated in the rocky massif of the Coastal 
Complex. The 3/4 tunnel is inserted in the domain of facoidal gneiss, lithotype of greater predom- 
inance in the Sierra. The rock has a pinkish gray color, of medium to thick granulometry, foli- 
ation well marked by mineral stretching and presence of maerinan minerals, mainly biotite. 
Predominance of fine granite/gneiss intercalations along the foliation with sub-horizontal diving 
slightly inclined to the southeast/southwest, presenting biotite concentration along the plane. 


Figure 2. Geological map of The New Tamoios. Highlighted in red, the layout of the 3/4 tunnel. 
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Figure 3. Implantation Geometric and orthophoto of the design of the tunnel T3 above the talvegue 
line and T4 down of the line. (Source: Alya Construction Company). 


The structural characterization of the surface and implications in hydrogeology and reports 
of consultants and external geotechnical specialists, predicted that by mapping the site and 
developing the loop-shaped tracing, its compartmentalization would be composed of leuko- 
cratic (facoidals) gneiss, transpass the failure of the Ribeirao do Ouro in two points 
(Figure 3), penetrating segment of granitoid gneiss strongly affected by the occurrence of fail- 
ures. It also features sections of depth close to just over 300 m where phenomena such as spall- 
ing and rockburst occurred due to high rock cover, causing high tensions in the massif and 
hydrostatic pressures. 


Figure 4. Left: Occurrence of displacement due to rockburst. Right: Application of special treatment 
with installation of anchor bolts, steel meshes and shotcrete reinforcement. 


The reinforcement of the rock mass basically had two functions, which consisted of prevent- 
ing the deterioration of the rock mass by maintaining the arch effect around the cavity and 
the interconnection between blocks and in controlling and minimizing the effects of expansion 
of the rock mass during the rockburst phenomenon. The application of double steel meshes 
played an important role in interlocking the redistribution of stresses along the excavated 
surface. 
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3 DESIGN AND CONSTRUCTION ASPECT 


3.1 Geometric constraints 


The main tube has an extension of 5,559.79m, located between the 10283+3.70 and 10444 
+14.00 piles, acquiring high coverage along almost the entire stroke, ranging in the average 
between 100 m and 300 m. The cross-section has internal dimensions approximately 
15.0 m wide by 9.50m high, with an excavation area of 120 m?, while the emergence tunnel has 
an extension of 5,655 m, being larger because of the curve, maintaining parallelism, and the 
distance between tunnels of 15.75 m to 30.00 m. With a cross section less than 33 m’. 


3.2. Construction 


The studies in the period of the executive project contributed to the optimization of a new 
layout, characterized by the union of T3 with T4, thus excluding from the project the pontoil- 
lon at the valley, between stakes 10440 and 10450. Figure 5 shows the old or original route of 
the bid, and the proposed new layout. 


Basic Design 


Figure 5. Plan with the comparison between traces of the Nova Tamoios. 


One of the favorable geological constraints with the alternative tracing was that a good, 
curved section of the tunnel 3 handle would no longer be intercepted by the Ribeirao do Ouro 
failure as predicted in the project but would be located south of this fault and north of the 
valley linear that is part of the current breakthrough of the two tunnels. 

With the fusion of tunnels 3 and 4, a new survey of the fire department was carried out with 
the objective of evaluating the conditions related to the ventilation system and emergency exits 
of the proposed route, it was determined that the safety measures for the operation of the same, 
should meet the conditions placed according to technical instruction of Fire Department N°35/ 
2021, item 5.7.4.2 addresses that: “Unidirectional non-urban tunnels with an extension of more 
than 3,000 m can be equipped with longitudinal smoke control system, composed of jet fans, 
provided that there is a massive smoke extraction system every 3,000 m.” 

To meet the requirement, it was elaborated to the dimensioning of the ventilation tunnel 
(shaft) that when in operation, will corroborate the longitudinal ventilation system of the 
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main tunnel with the extraction of the hooked airs, allowing smoke control during fires and 
tunnel discharge in case of smoke buildup. In the plant (Figure 6) illustrates the implementa- 
tion in relation to the executive project. 
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Figure 6. Plant with the position Chamber of the straighteners and tunnel of ventilation. 
(Source: Executive Project - Ayla Construction Company). 


With the advance of the excavations of the main tunnel and service fronts, reaching the emer- 
gency exit tunnel next to the chamber, the excavations of the ventilation tunnel between piles 
10431 and 10433 began, the construction methodology was sequenced first by the access tunnel 
leaving in the second stage for the expansion to the ventilation chamber, and finally the ventila- 
tion tunnel/shaft with the opposite direction of excavation as the excavation of the main tunnel 
and services, until its breakthrough completed. The rock cover of the tunnel in relation to the 
valleys approximately 25m high, it is worth mentioning that the emergency tunnel had a cover 
of up to 10m when intercepted by the ventilation tunnel by the excavations. 


Shaft of massive 
VEI extraction 


Figure 7. Geological profile of the ventilation tunnel required after integration of Tunnel 3 with Tunnel 
4 and conformation of Tunnel 3/4. 


(Source: Executive Project - Álya Construction Company). 
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For the correct operation of the ventilation system, a chamber was developed for the 
implantation of the 6 fan jets with 3.20 m in diameter and flow of 103m°/s that will assist in 
the massive extraction of smoke in cases of accidents inside the tunnels (Figure 8). 

The excavations in the direction of the Ventilation Tunnel itself started on 05/09/2020 and 
were concluded on 08/15/2020, after 256.65 m excavated in 67 advances in a complete stretch. 
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Figure 8. Illustrative Details of the ventilation chamber and arrangement of the six fan jets. 


4 TECHNOLOGICAL CONTROL 


4.1 Academic support 


One of the main privileges of the construction company during the duplication of Tamoios 
was the opportunity to contribute to the Academic Environment and to be able to count on 
their scientific knowledge. A mechanism established between the Labor Technological Control 
Laboratory, specialized consultants and professionals from the University of São Paulo (USP) 
and the Technological Research Institute (IPT) generated significant contributions. 

The Tamoios Laboratory was the first in Brazil to use the Barcelona Test (double punch 
test) for the regular technological control of the Fiber reinforced Shotcrete (FRS). It is a test 
that evaluates the residual strength of the fiber in specimens prepared from samples extracted 
from the tunnel structure itself or from plates, which increases the control confidence level. 

The Fiber Reinforced Shotcrete used in the lining of the Tamoios tunnels, was specific tested 
at the IPT (Figure 9). This test was essential to validate and optimize the use of synthetic micro- 
fibers in the performance of the lining in fire situations. With this partnership formed between 
the construction company, the Polytechnic University of São Paulo and specialist consultants, 
a concrete mix design was developed composed of a blend of micro and macro synthetic fibers, 
allowing the execution of the secondary lining in a single layer, reducing considerably the time 
of the excavation cycle. In addition, the duplication of Tamoios was the first project in Brazil to 
execute Sprayed Concrete with 100% artificial sand and reinforced with a blend of fibers, struc- 
turing and protecting the lining against the spalling effect. 


5 SUSTAINABILITY CRITERIA 


5.1 Water treatment plants 


The complex demand arising from the requirements of environmental agencies was highly 
challenging and guided the engineering studies so that the project reached its success with the 
least possible impact. 

One of the foreseen requirements was the treatment of effluents from the excavations of the 
tunnels - successfully met. After treatment, the effluents returned to the tunnel drilling process 
or were used for other purposes, such as wetting the Crushing Plant. 


1735 


Figure 9. Testing of passive fire protection, according hydrocarbon curve (HC) EN 1363-2. 


5.2 Cable crane 


For the construction of the portal of Tunnel 3/4, in a stretch of forest and steep topography, 
the Cable Crane was used for the first time in Brazil, a freight cable car manufactured in Aus- 
tria, overcoming terrain obstacles and weather conditions marked by dense fog, rain and 
winds (Figure 10). 

The solution allowed the preservation of 41,000 m? of native forest. This reduction of envir- 
onmental impact was recognized by the 2017 Eco Sustainability Award, from the American 
Chamber of Commerce (AMCHAM). The assembly of this equipment made it possible to 
excavate and transport 100,000 m° of soil and rock from the breakthought and tunnel. 


Figure 10. Cable crane overview. 


5.3 Reuse of excavated material 


The work on the new Tamoios range reached the mark of 1,343,299 m° of aggregates pro- 
duced in its crushing facilities: 100% of the stone aggregate used in the duplication came from 
rocks extracted from the tunnels. 
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5.4 Safety records 


The project reached the mark of 373 days of exposure to risk without work accidents: there 
were 3.2 million hours of exposure to risk. 

Tunnel 3/4 teams set records: 

Front of Tunnel 03 - with 753 days without accidents 

Front of Tunnel 04 - with 531 days without accidents 

The workforce reached 2,300 professionals. During the period of execution of the work, 
709000 hours of training were recorded. 

Total hours worked = 22.662.203,90 hours - Period: (01/2016 to 12/2021) 


6 CONCLUSION 


The design of a tunnel must be sufficiently dynamic and have flexibility in proposals and con- 
struction methods, in order to adhere to the real work scenario “in situ”. 

Because they have been fully executed through the conventional method, the adaptations in 
the definitive treatment, as well as advance steps out carried out based on the mappings and 
field analyses with the aid of campaigns of research holes and execution of deep horizontal 
holes tools that provided a better understanding of the local hydrogeological and geotechnical 
conditions, taking into account all the complexity of the region where the tunnel is inserted, 
respecting the operation procedures, minimizing the environmental impact. 

The execution of the duplication works of Serra dos Tamoios expansion, entered in the 
recent history of Brazilian engineering as one of the periods that most demanded scientific 
studies, innovative solutions, technical partnerships, and hard work from several areas. 
A road Project with the two largest road tunnels in the country, without any serious accidents 
during the four years construction, celebrating an important milestone in Work Safety. Man- 
agement focused on the preservation of the environment, continuous improvement of tech- 
nical solutions and the well-being of the workers. 
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ABSTRACT: In the year 2010, two pioneers in Iceland came up with the idea to create the 
first man-made glacial tunnel as an all year around tourist attraction. After three years of 
planning the excavation started in 2014. The project goal was to make glaciers in Iceland safe 
and accessible to all and let people experience the “blue ice” found at approximately 30 meters 
depth, crevasses and all which a glacier has to offer. The excavation was 5.500 m° of ice and 
took 12 months to complete. The tunneling system consists of a 6 ton excavator with a drum 
cutter attachment and two telehandler payloaders. The maximum length excavated during 
one shift was 20 m/day. This article will describe the history of making the largest man-made 
ice cap glacier tunnel in the world, location of the tunnel, the tunneling system used, problems 
encountered, safety measures, investigations done on the glacier and the experience gained for 
future projects like this around the world. 


1 PREFACE 


This report was prepared by Hallgrimur Orn Arngrimsson, Civil Engineer, VERKIS Consult- 
ing Engineers and Reynir Sævarsson, Civil Engineer, EFLA Consulting Engineers, Reykjavik 
Iceland. The Langjökull tunnel project is a collaboration of more than 100 individuals which 
all have contributed to the success of the project. Technical design and supervision were car- 
ried out by EFLA Consulting Engineers. 


2 INTRODUCTION 


Tourism is big in Iceland with over 2.000.000 guests a year before Covid-19. Langjökull 
glacier, the second largest in Europe, has long been an attraction for travellers and tourists 
in Iceland. Tour operations have used the glacier for guided jeep-, sled-tours and other 
project operations for many years. The top of the glacier is above 1.300 meters. The wea- 
ther environment in the glacier can be extreme with -30 degrees frost and winds over 40 m/ 
s. Throughout the year, low pressure storms overrun the country frequently, so the tem- 
perature is often fluctuating above and below zero. The glacier is also known for crevasses 
that need to be crossed when traveling in the area. All of this makes operation on the gla- 
cier a major challenge. 

In the year 2010 Hallgrimur Orn Arngrimsson civil engineer and Baldvin Einarsson tour 
operator in Norway, came up with the idea to build an ice tunnel on the top of the glacier 
as an all year around tourist attraction. The idea was to excavate the tunnel down to 
30 m depth to experience the dense blue ice. The tunnel would have one entrance and 
a circle walkway with attraction along the way. The idea was introduced to Icelandair and 
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further developed by Hallgrimur and Reynir Sevarsson civil engineers at EFLA Consulting 
Engineers. For the next three years EFLA worked on the feasibility study, concept, and 
development design in cooperation with the Institute of Earth Science, Icelandic Glaciology 
Society, Icelandic Met Office, Local Community, landowners and many more. In 2013 Ice- 
landic Tourism Fund I, owned by Icelandair, Landsbankinn and Icelandic Pension Funds, 
bought the project. In the spring of 2014, the technical design of the ice tunnel was finished 
and construction started. 


3 LOCATION 


There were many things considered when choosing the location of the tunnel. The surface 
of the glacier had to preferably be free of large crevasses to make the journey safe. Langjé- 
kull glacier is over 900 km? and it contains about 190 km? of ice. It is approximately 
650 m thick at the most with an average thickness of about 210 m. Underneath the glacier 
is a vast landscape of valleys and mountains. Some mountain peaks reach above the ice 
cap. The topography affects the glacier flow and location of the crevasse zones. The flow 
rate varies and is highest around the glacier boundary than and where the topography 
underneath is steep. 

The equilibrium line altitude (ELA) is located between 1150 m up to 1250 m. Above this 
line is where snow from previous winter does not entirely melt in the summer. The tunnel had 
to be located above the ELA but not too high to minimize the additional overburden pressure 
on the tunnel from the annual snow increase. The location for the ice tunnel is shown in 
Figure 1. This was the most optimal location. The tunnel is located at an altitude of 1250 m, 
northwest of the ice break line. The area has a slope of about 12%, few large cracks, an aver- 
age annual snow precipitation of about 1-2 m per year. The tunnel moves annually about 10- 
12 m each year to the northwest. 
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Figure 1. The ice tunnel location. 
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4 ACCESSIBLITY 


Access to the area is very important in terms of travel time from the glacier boundary and safety 
concerning crevasses. The drive on the glacier is done in specially modified 8x8 vehicles that can 
easily drive on snow and ice on 56” tires. The tour operators use GPS navigation to travel along 
a safe track called the “ice road” which is maintained with a bulldozer throughout the year. 

The tunnel entrance is like a one eye binocular because it needs to flow with the annual 
snow conditions, longer tunnel in the winter and shorter in the summer. Also, the tunnel sinks 
down into the glacier some years which then makes the entrance tunnel longer. 


5 EARLY TUNNEL DESIGN 


The tunnel was designed to be the optimum glacial experience for all people visiting around 
the world, a visit centre for education on glaciers and global warming. In the beginning the 
tunnel design was 300 m long with a small cross-section of 1,2m x 2,0m. The main attraction 
was at the end of the tunnel at 30 m depth in the blue ice caves and tunnels. The tunnel would 
drain itself and no water pumps were to be used. Ventilation was to be natural, and lights 
would be LED powered by solar and wind. 

Calculations showed that the deformation, for a circular cross-sectional ice tunnel, would 
increases in the third power with depth. This meant that maintenance of the tunnel would 
increase drastically with depth. The plan was not to exceed further down than to 30 m depth 
because of this. Another reason for not going deeper is because the overburden pressure closes 
the crevasses and then water pumps would have to be used to drain the melt water that seeps 
into the tunnel. This would slow down tunnel excavation and increase maintenance cost. 
Figure 2 shows a cross-section and a longitudinal profile of the tunnel. 
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Figure 2. Cross-section and longitudinal profile of the ice tunnel. 


6 EXCAVATION EXPERIENCE 


6.1 Manpower 


Local contractor was hired for the excavation. The workers were mainly farmers, mechanics, 
sailors and people from the local rescue team. Specialized tradesmen with mountaineering 
experience were also hired from Reykjavik. During the excavation, which was done in the 


1740 


winter of 2014-2015, the team managed to be very resourceful in difficult weather conditions, 
fixing equipment and traveling on the glacier. 

The risk assessment for the project revealed the highest risk traveling back and forth to the 
tunnel site and working around the excavation equipment in small spaces. There was also the 
risk of falling on the icy floor in the tunnel. These risks were mitigated, and no accidents or 
injuries happened during construction. 

Generally, the traveling time to the tunnel worksite was 1,0-1,5 hours with specially modified 
super jeeps. Therefore, the plan was not to have sleeping facilities on the glacier. The only site 
facilities during the excavation were an insulated container and portable toilet which was buried 
into the glacier. Those days when bad weather hit the glacier the traveling time was many hours 
and sometimes the workers did not reach the tunnel entrance and turned back with no excava- 
tion work done that day. It is estimated that the traveling time was between 15-40% of the daily 
working hours, depending on the weather. In retrospect, it would have been more economical 
to set up accommodation near the tunnel entrance to reduce the time spent on travel. 


6.2 Equipment 


The plan was to excavate down to 30 m depth with a minimum size tunnel. The tunnel cross- 
section design was only 1,2 m in width in the beginning to minimize the excavated material. In 
the preliminary phase the design team tested different equipment and excavation approaches. 
A small drum cutter machine was built based on similar equipment used in Antarctica (Walsh, 
1999). The machine would grind the ice and the ice would then be vacuumed to a trailer and 
driven out by snowmobiles. This did not work well because Langjökull glacier is 
a temperature glacier with temperature at or close to 0°C. The snow, firn and ice in the top 
layer of the glacier was too loose and wet, different from the Antarctic conditions. Chainsaws 
were used in Antarctica (Walsh, 1999) and Greenland (Abel 1961) to make cutting patterns 
and blocks into the ice before excavation, this was tried in Langjökull with poor results. 

The contractor then bought a small drum cutter on a 1,5 ton excavator and a telehandler 
with 1 m? shovel to drive out the firn. This increased the planned tunnel cross-section size but 
despite excavating more m° the excavation speed increased. The tunnel was now about 30- 
40 m long and the firn still filled with air and fairly loose to excavate. The tunnel speed was 
about 12 m/day. The second telehandler unit was brought on site because moving the firn out 
of the tunnel was slowing down the excavation. Niches were also excavated in the tunnel for 
equipment to pass. This excavation method worked well and was used in the design and plan- 
ning of the next phase of the tunnel excavation. 

Further down the firn became harder and the contractor upgraded to a 6 ton excavator 
which could put enough pressure on the drum cutter. By changing to a bigger machine the 
ceiling was made higher. The entrance tunnel was now about 100 m long and the tunnel was 
split into two directions with two excavation teams working simultaneously. Total of 5.500 m? 
of snow, firn and ice was excavated with an average rate of 4,8 manhours/m?. 


6.3 Navigation 


The plan was to make a circular 400 m walking route from the end of the entrance tunnel with 
exhibition caves along the way. It was difficult to make the two tunneling teams connect the 
two tunnel fronts. Together with the contractor the project management used measurement 
tapes and height tripods to correct the excavation directions. The contractor “got lost” a few 
times so there are some extra tunnels which now makes the glacier visit a more exciting 
experience. 


6.4 Tunnel entrance 


The excavated material was dumped outside the tunnel entrance and a bulldozer was used to 
even it out. The excavation started in the spring of 2014 with winter snow melding on the 
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surface during the summer. When it started to snow in the area and driftsnow accumulated 
around the tunnel entrance the bulldozer proved to be necessary to clear the snow and main- 
tain the opening of the entrance. The drift snow moving on the glacier was always blocking the 
entrance and much time went into opening it when starting each shift. To solve this a timber 
culvert was built to extend the tunnel entrance further away from the surface and drift snow. 


6.5 Crevasses and bridge 


After 4 months of excavation the team had not experienced any crevasses in the tunnel. Sud- 
denly after excavating 120 m into the glacier the team hit a giant crevasse. The crevasse was 
closed in the top and therefore not visible on the surface. The length of it was about 
150 m and the width span that needed to be crossed was about 5 m. A bridge was designed 
over the crevasse with a roof that could support heavy snow/ice fall. 


6.6 Ventilation 


The machines used diesel fuel which meant that all the staff had to always wear gas monitors. 
Ventilation was a constant challenge with the risk of snow blocking openings on the top and 
changing tunneling conditions. During construction there were three ventilation units operat- 
ing in the tunnel. Ventilation ducts, diameter 300 mm, were placed in the ceiling and extended 
along with the excavation on the tunnel front. In three locations shafts were drilled vertically 
up to the surface with commercial ice drills with extensions. Ventilation pipes were always 
observed during each shift because of the risk of snow blockade. The exhaust from the excava- 
tor at the front was connected directly to the ventilation with a flexible steel duct that could 
withstand the exhaust heat. This worked well. After hitting the crevasse, a ventilation hole 
was placed at the top which improved the natural ventilation in the tunnel and after that air 
quality was not a problem. 


6.7 Light design 


The tunnel is completely black without lights. A diesel generator was placed in a niche in the 
tunnel entrance. The generator charges a battery pack unit that services the lights in the 
tunnel. During construction Christmas LED lights were placed in the ceiling. For the final 
light design the electrical distribution was through cables placed in the floor and walls. The 
cable routes and lights were made with a steam gun unit. All the lights are LED which minim- 
izes the melting of the ice surrounding the lights. The lighting design in the Langjökull ice 
cave tunnel took the top spot in two categories of the prestigious international lighting design 
competition, The 2016 Darc Awards. The design was the winner of the category ,,Spaces: Best 
Landscape Lighting Scheme” and was also voted best project of the year „Darc Awards: Best 
of the Best”. The lights are maintained annually because of the ice deformation and melting of 
ice around lights and cables. 


7 THE ICELANDIC TUNNELING SYSTEM 


The project had many trials and errors but based on the experience from this tunnel project in 
Langjökull, Iceland now has a tunneling system that can hopefully be used to make ice tunnels 
in other glaciers around the world. The optimal tunnel cross-section is approximately 
3,0-3,5m wide and 3,5-4,0m high. The excavation is most efficient with a 6 ton excavator 
mounted with a drum cutter. This type of machine is mainly designed to be used for excava- 
tion of soft rock. 

When about 1-2 m of the front has been excavated the excavator moves from the front 
so the telehandler unit can dig out the material. When the telehandler is operating the 
excavator is working on caves in other parts of the tunnel to minimize down time. The 
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ventilation needs to be observed during construction and adjusted with the tunnel excava- 
tion. Vertical shafts should be installed up to the surface at intervals along the tunnel to 
increase the natural ventilation. Ventilation unit should be directly connected to the exca- 
vator if possible, to prevent soot. Workers should always be equipped with air quality 
detectors that measure high concentration of CO, and low concentration of O2. For elec- 
tricity and lighting the project used a diesel generator, battery packs and LED lights. The 
generator is placed in a niche in the entrance tunnel and the exhaust goes vertically to the 
surface. Lights should be LED to minimize melting of the surroundings. For site facilities 
it is important to have a dry, warm and isolated area for workers to rest during the shift. 
To minimize traveling time a temporary base camp facility should be excavated on the sur- 
face with kitchen and accommodation. 


8 DEFORMATION CALCULATIONS AND MEASUREMENTS 


Ice deformation measurements were carried out in tunnel caves in 2015 and 2016 in cooper- 
ation with the University of Iceland and Into the Glacier. This was done to help estimate the 
lifetime of the tunnel and compare deformation to theoretical models. Measurements were 
done three times over a two month period in four different locations. There was about 8 m of 
snow that accumulated on the surface the first two years after opening of the tunnel. Deform- 
ation increased by 15-20% between the two years. Deformation in the deepest part of the 
tunnel at 50 m depth was 50-70 cm/year horizontal and 20-60 cm/year vertical (Pétursdóttir, 
2015 & 2016). Further deformation research is needed with more accurate measurements of 
overburden pressure and ice density to be able to correlate data with current theoretical 
models of ice deformation behaviour. 


9 LIFETIME OF THE TUNNEL AND MAINTENANCE 


In the beginning it was estimated that the lifetime of the tunnel would be about ten years. 
After seven years in operation the tunnel and caves have deformed and the areas that have not 
been maintained have vanished. The entrance tunnel is much longer, overburden pressure is 
higher, and water is becoming difficult to divert into open crevasses. Maintenance work has 
always been a big part of the operation and walls and ceiling are constantly being excavated 
out during the low tourist season. With annual maintenance the lifetime of the tunnel is now 
estimated to be 20 years. 


10 CONCLUSION 


Despite many challenges during construction the project was a success. The length of the 
tunnel is about 500 meters with a designed cross-section of 3,0m x 3,5m. This makes it the 
largest man-maid ice tunnel in the world (Into the Glacier, 2022). Approximately 5.500 m°? of 
snow and ice was excavated with an average excavation rate about 4,8 manhours/m*. Figure 3 
shows the final plan layout of the tunnel. There was a lot of downtime because of snowstorms 
which increased the traveling time. A camp site should be constructed on site for the next pro- 
ject. There is a possibility for improvement of the ventilation system which can be simpler 
with less maintenance. Electrical excavators might be considered but the heat from the excava- 
tors was beneficial for the workers and the exhaust was not a problem. The location of the 
tunnel is perfect regarding snow accumulation and glacial movement. Deformation in the 
tunnel was as expected. The total construction cost was about 2,8 million euros. The lifetime 
of the tunnel is now estimated to be around 20 years with annual maintenance. The project 
which is now called “Into the Glacier” has proven to be one of the most successful tourist 
attractions in Iceland and is still operating. 
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Figure 3. Plan drawing of the ice tunnel (Into the Glacier, 2022). 
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ABSTRACT: The Warangoi hydropower project, commissioned in 1983, is located in East 
New Britain Province, Papua New Guinea. Water is conveyed through a 6.85 km long headrace 
tunnel comprised of precast concrete segments. Due to wear and tear, including significant sedi- 
ment erosion, it was decided that the projects existing infrastructure should be refurbished and 
modernized. The plant was stopped in June 2019 and the tunnel dewatered. A detailed condition 
survey of the tunnel was subsequently carried out. This paper presents a detailed analysis of the 
different types of tunnel lining defect recorded during the survey. These defects are compared 
against various factors, including chainage and which tunnelling team was undertaking excava- 
tion at the time. This paper covers the severity of the various defects, ranging from the relatively 
inconsequential, to those critical for stability. A brief summary of the repairs undertaken is 
given, as well as conclusions drawn from the survey. 


1 PROJECT DESCRIPTION AND OVERVIEW 


Warangoi Hydropower Plant is a ‘run of the river’ installation located on the Warangoi 
River, 30 km south of Kokopo in East New Britain Province in Papua New Guinea (PNG). 
The powerplant is the largest installation of the network supplying Gazelle Peninsula, 
Rabaul, Kokopo and Kerevat. The power plant is owned and operated by PNG Power Ltd 
(PPL), a fully integrated power authority responsible for generation, transmission, distribu- 
tion and retailing of electricity throughout PNG. The power plant comprises of a small 
intake pond, a 6.85 km long headrace tunnel with a surge chamber, shaft and debris trap 
close to the downstream end. These lead to a short steel penstock and a powerhouse with 
two horizontal Francis turbines, each of 5 MW capacity. A plan view of the project is shown 
in Figure | below. 
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Figure 1. Plan view of the Warangoi Hydropower project (Young & Cook). 
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The Town Electrification Investment Program (TEIP) is multi-tranche financing framework 
between the Government of PNG and the Asian Development Bank (and financed by the 
latter). The tender for the Engineering, Procurement and Construction (EPC) contract for the 
refurbishment of Warangoi hydropower plant under TEIP was won by a joint venture between 
AG Investment Ltd (PNG) and Dongfang Electric International Corporation (China), and 
signed in August 2018. Multiconsult was engaged as Project Supervision Consultant for Tranche 
2 of this contract, which was completed in November 2021. 

Since the headrace tunnel had never been fully dewatered in the 35 years since construction, 
there was a large uncertainty about the condition of the tunnel. (The only previous partial 
inspection had been performed in the 1990s). The remainder of this paper will focus on the 
inspection and recording of defects in the tunnel, and the subsequent repair. In November 2021 
the second unit completed the 72 hour reliability run, marking the completion of the refurbish- 
ment project. 


1.1 Geological setting 


East New Britain Province is located on the so-called Pacific Ring of fire, a very active seismic 
and volcanic region. In 1994, the provincial capital Rabaul (about 35 km from the project 
site) was destroyed by falling ash from a volcanic eruption. Other active volcanoes in the area 
(e.g. Ulawun), have regularly erupted in the last decade. The Warangoi power plant and sur- 
rounding area regularly experience moderate to strong earthquakes. 

Geologically speaking the project location is young. The oldest exposed rocks are of Upper 
Miocene and Pliocene (2 to 10 million years old) consisting mainly of mudstones with sandstone 
and conglomerate lenses occurring near the top of the formation. The physical characteristic of 
the rock varies significantly over short distances, both vertically and laterally. The strength of 
the rock types is generally low, with uniaxial compressive strength in the range of 1-5 MPa. 
A longitudinal section of the headrace tunnel showing the geology is presented in Figure 2. 


Figure 2. Longitudinal section of the headrace tunnel (Young & Cook). 


2 TUNNEL 


2.1 Tunnel excavation 


The tunnel was excavated with a backhoe situated in a circular shield. The initial work was 
carried out by a team from the powerhouse site (hereafter referred to as the powerhouse tun- 
nelling team), with a second crew mobilized on the intake side 5 months later (hereafter 
referred to as the intake tunnelling team). Tunnel excavation at the powerhouse site started in 
November 1981 and at the intake site in March 1982. The average production was 3 m/shift. 
Breakthrough occurred in July 1983 at an approximate chainage of 2.9 km, (shown by the 
vertical line in Figure 2). 

Excavation was challenging due to a variety of ground conditions experienced: from soft 
sand to unexpected boulders, which had to be removed by blasting. In the powerhouse drive 
waterflows of up to 50 litres/second were experienced and difficulties occurred with the rail 
tracks silting up. Two large earthquakes of 7.5 and 7.8 on the Richter scale occurred within 
a radius of 100 km of the project site during construction. After both occasions the tunnel was 
inspected and no sign of structural damage was found. 
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2.2 Tunnel lining 


A precast segmental lining was used to line the tunnel. Each segmental ring is | m wide and 
comprises nine segments, installed without rotation, i.e. cross-joints. In total 6 848 rings were 
installed, giving a total headrace tunnel length of 6.848 km. Ring 0+001 is closest to the intake 
and ring 6+848 is closest to the powerhouse. 

The internal diameter and thickness of the segments are 4.25 m and 0.25 m respectively. 
The ring is made up of six ‘O’ segments, two top (T) segments and a key (Figure 3). The cir- 
cumferential joint is of tongue and groove form and the longitudinal joints are concave/ 
convex. The ‘O’ and ‘T’ segments are of equal circumferential length so that the mould dimen- 
sions were identical. They differ only in the circumferential joint detail; the outer shoulder of 
the groove being omitted from the top plates to permit ‘laying back’ of the top segments to 
facilitate entry of the key (Young & Cook). No gaskets were installed in the segments. 
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Figure 3. Tunnel cross-section and details (Young & Cook). 


3 TUNNEL LINING DEFECTS 


The detailed condition survey of the tunnel lining was carried out and completed in Novem- 
ber 2019. Tunnel lining defects were identified and categorized according to their severity. 
They ranged from the relatively inconsequential, to those critical for stability, necessitating 
urgent repairs. In total, 46 602 defects were recorded. The various defects and their occur- 
rences are summarized in Table 1. 


Table 1. Tunnel Lining Defects - Damage Categories. 


No. Damage Categories Total number of defects recorded 
D1 Internal surface roughness 10 091 

D2 Spalling of concrete 3 792 

D3 Damage to concrete and corrosion of reinforcement 27 371 

D4 Stepping/Lipping of segment 5 325 

D5 Loss of ring integrity 17 


The defects are discussed in more detail in the following sub-sections. Where data is pre- 
sented graphically, values are shown with ‘kilometer section of tunnel’ on the X-axis, referring 
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to where in the tunnel the defect was recorded, relative to the intake. So ‘1’ on the X-axis sig- 
nifies the section of tunnel from ring 0+001 to ring 0+999, and ‘2’ on the X-axis signifies the 
section of tunnel from ring 1+000 to ring 1+999, and so forth. 


3.1 D1 - Internal surface roughness 


This damage category is recorded where the internal surfaces of the tunnel segments have 
experienced erosion/abrasion. The magnitude of the defects is recorded subjectively, with slight 
roughness of the concrete surface recorded as insignificant (A), and sections of concrete missing 
recorded as significant (C), (Figure 4b). Defects in between these are recorded as moderate (B). 
The following observations and inferences can be made based upon the data collected: 


¢ In total there were 10 091 defects in the category D1 recorded. These account for 21.7% of 
the total recorded defects. 

* 72.9% of the rings in the tunnel registered at least one D1 defect. 

e Only 20% of the D1 defects are deemed significant (Figure 4b). 

e The occurrence of significant defects increases with chainage, which could be due to more 
debris carried further down the tunnel (Figure 4a). It is likely that more erosion is caused 
as the internal pressure in the headrace tunnel increases towards the powerhouse. 

e There is a reduction in the number of defects in the last kilometer, which is likely due to the 
presence of the debris trap. 

* 9704 (96.2%) of the defects were recorded in the bottom two invert segments, which indi- 
cates that most of the damage was caused after filling of the tunnel, with the debris carried 
along the invert, rarely reaching up to the walls. 
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Figure 4. (a) DIC (Internal surface roughness - Significant) defects per kilometer of tunnel (b) Example 
of a significant surface roughness defect (D1C). 


3.2 D2- Spalling of concrete 


This damage category is recorded where spalling of the segments has occurred. The signifi- 
cance of the defects is recorded objectively; a zone of spalling less than 20 mm in size being 
recorded as insignificant (A), and a zone greater than 50 mm in size recorded as significant 
(C), (Figure 5b). Defects between these are recorded as moderate (B). The following observa- 
tions and inferences can be made based upon the data collected: 


* In total there were 3 792 defects in the category D2 recorded. These make up 8.1% of the 
total recorded defects. 

e Less than 18% of D2 defects recorded are deemed significant. 

e More than 58% of the defects were recorded in first 3 km of the tunnel (Figure 5a), (exca- 
vated by the intake tunnelling team). 
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It is most likely that the D2 defects were caused during construction. This could for 
example be caused by build quality, due to uneven load transfer with local high stresses 
causing damage when the next ring was shoved forward during installation. 
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Figure 5. (a) Total D2 defects per kilometer of tunnel, (b) Example of a significant spalling of concrete 
defect (D2C). 


3.3 D3 - Damage to concrete and corrosion of reinforcement 


This damage category is recorded where damage to concrete and corrosion of the reinforcement 
is visible. The significance of the defects is recorded objectively, a zone of damage less than 
20 mm in size and no reinforcement visible being recorded as insignificant (A), and a zone 
greater than 50 mm in size or always where reinforcement is visible recorded as significant (C), 
(Figure 6b). Defects between these with no reinforcement visible are recorded as moderate (B). 
The following observations and inferences can be made based upon the data collected: 


In total there were 27 377 defects in the category D3 recorded. These account for 58.7% of 
the total recorded defects. 

Only 27.1% of D3 defects recorded are deemed significant. 

Relatively little corrosion of reinforcement was observed, presumably due to the high PH 
of the river water conveyed by the tunnel. 

The fewest defects per kilometer section are recorded in first and last kilometer. 

The lack of recorded defects in the last kilometer is likely due to the debris trap at the 
downstream end. 

The proportion of defects recorded is evenly spread between the two tunnelling teams 
(Figure 6a). 

Most of the defects are assumed to have been caused during construction. 

It is also possible that some segments suffered from insufficient quality control in the precast 
segment factory, e.g. insufficient cover to reinforcement which was subsequently eroded. 
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Figure 6. (a) Total D3 defects per kilometer of tunnel, (b) Example of a significant Concrete and Corro- 
sion of Reinforcement defect (D3C). 
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3.4 D4- Stepping/Lipping of segment 


This damage category is recorded where longitudinal joint misalignment (stepping or lipping) 
between two adjacent segments is observed. The significance of the defects is recorded object- 
ively, with misalignment less than 20 mm in size being recorded as insignificant (A), and mis- 
alignment greater than 50 mm recorded as significant (C). Defects between these are recorded 
as moderate (B), (Figure 7b). The following observations and inferences can be made based 
upon the data collected: 


¢ In total there were 5 325 defects in the category D3 recorded. These account for 11.4% of 
the total recorded defects. 

* Only 1.6% of D4 defects recorded are deemed significant. 

e The joint misalignment is presumably caused by the tunnel shield tending to sink during 
construction. This would explain why a high proportion of defects were recorded in the sec- 
tion excavated by the intake tunnelling team, due to this drive being downhill, causing 
ponded water to soften the very weak rock mass. 

* Fewer defects were recorded as tunnelling progressed (Figure 7a), presumably due to the 
tunnelling teams improving their operating procedures with time. 
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Figure 7. (a) Total D4 defects per kilometer of tunnel, (b) Example of slipping/lipping of segment 
defect (D4). 


3.5 D5- Loss of ring integrity 


This damage category is recorded where the key segment has either become completely dis- 
lodged from the lining or has severely rotated, to the extent where the integrity of the lining is 
judged to have been compromised. All of these defects were deemed significant (C) (Figures 8a 
and 8b). The following observations and inferences can be made based upon the data collected: 


e Seven key segments were completely dislodged from the lining (rings 6+540 to 6+546). 

e Ten key segments were recorded as being severely rotated (Figure 8b), (immediately adja- 
cent to the dislodged segments). 

« All seventeen defects were recorded immediately upstream of the surge shaft. This section 
of the tunnel is subject to a transient water hammer, exerting a governing internal pressure, 
putting the lining into tension and pushing it into the bedding, thus creating an opening of 
the joints and reducing the rotational stiffness to zero. 

* The damage may have been increased by the soft ground surrounding the lining. The lack 
of gaskets would allow the free passage of water into and out of the tunnel, washing out 
the ground over time. 

e With less or no ground immediately behind the key segment for bedding, it could then be 
increasingly dislocated during subsequent transient water hammer pressure events and thus 
able to rotate and eventually fall out. 

e The installation of gaskets could have stopped water leaking out of segments and eroding 
ground behind the segments upstream of the surge shaft. 
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e Above aspects are further exacerbated by the small dimensions of the key segment: bedding 
erosion occurring through the closely neighbouring radial joints and displacements and 
rotations, due to the compactness and the roughly more parallel shape of the radial joints 
of the key segment. 


Figure 8. (a) Dislodged key segments lying on the tunnel invert (D5C), (b) Severely rotated key seg- 
ments with temporary steel supports erected for stability (DSC). 


4 REPAIRS OF TUNNEL DEFECTS 


4.1 Repair of D1/D2/D3/D4 defects 


Most of the tunnel defects recorded were insignificant or moderate and did not require any 
repair work. A summary of the different repair methods used for the tunnel defects D1, D2, 
D3 and D4 is given in Table 2. 


Table 2. Summary of repair methods for various defects, (procedures from ACI 533.5R-20). 


Tunnel defect Repair procedure Material/Mix 
D1A/D1B/D2A/D2B/ 

D3A/D3B/D4 None NA: 

DIC Procedure 1 Type I cement, silica sand, 0.4 w/c 


Prepackaged modified cementitious one-component 


Pon ProcedurszB patching mortar with low shrinkage, low permeability. 


The repair procedures 1 and 2B involved cleaning of the damaged area and removing any 
surplus material. Mortar was then placed into the damaged area and allowed to cure 
adequately before the preparation of the final surface. A comprehensive description is given in 
ACI 533.5R-20. 


4.2 Repair of D5C defects 


A bespoke repair method was developed for tunnel defect D5C as these were the most serious 
defects recorded. After checking that temporary steel supports for the segments were securely in 
place, prefabricated reinforcement cages were fixed into the voids either side of the top segments 
(Figure 9a). A PVC pipe and breather tube were then placed through the reinforcement cage 
through which backfill concrete could later be pumped. Formwork was then placed and con- 
crete was pumped into the formwork using a hand operated grout pump. After sufficient curing 
the formwork was removed. The void above the segmental lining was later backfilled after the 
newly concreted key segments had achieved full strength (Figure 9b). The same repair method 
was employed for the severely rotated segments, after they had been carefully removed. 
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Figure 9. (a) Reinforcement cage placed in void (b) After repair completed. 


5 GROUTING 


Overall, 1780 m? of voids behind the tunnel lining were detected using georadar while the 
detailed inspection of the headrace tunnel was undertaken. These repair works began at the 
powerhouse end and progressed towards the intake. The grouting operation was successful 
and relatively straightforward, with details being outside the scope of this paper. 


6 CONCLUSIONS 


Following the repair works, the headrace tunnel was refilled and the plant put into operation 
again towards the end of 2021. The tunnel was in generally good condition after 35 years of 
use. The repair works cost less than envisaged due to the better than anticipated condition of 
the tunnel, (only 38% of the original budget of 9.76 million USD was required to be spent). 

The Contractor carried out the condition survey and meticulously recorded the various defects 
in the tunnel, a particular challenge given the staffing difficulties posed by the covid pandemic. 

Although nearly 50 000 defects were recorded, fewer than a quarter of these were deemed to 
be significant. In total just over 10 000 defects were repaired, (approximately 21.8% of the 
total defects detected). The DSC defects were by far the most severe and these repair works 
were naturally prioritized. The repairs for the D1C/D2C/D3C defects were carried out after- 
wards. A comprehensive grouting operation was executed in parallel. 

It was not always immediately apparent which defects were sustained during construction 
and which occurred during the operational life of the tunnel. The detailed record of tunnel 
defects can be consulted next time dewatering occurs, to see if any extra damage has been 
caused since the last survey. This will provide the operator with a much better indication of 
the overall life expectancy of the tunnel. 
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ABSTRACT: Otonaka Tunnel (L=4,686m) is one of the most difficult tunnelling projects 
under squeezing ground condition in Japan. Some supports were heavily deformed and tunnel 
section was completely closed or obstructed by ground heaving. To overcome this condition, it is 
necessary to design the triple layered perfect circle support structure. During excavating, it is 
necessary to constrain initial displacement by short distance ring closure which is around 5m 
behind tunnel face. As a result, these construction methods have ensured the stability of tunnel 
support structure under extremely high squeezing ground conditions. 


1 INTRODUCTION 


The Otonaka Tunnel is 4,686m long road tunnel constructed in northern Hokkaido, Japan 
(Figure 1). In this tunnel, the section of serpentinite was subjected to one of the strongest ground 
pressures ever seen in the history of tunnels, resulting in large-scale heaving and destruction of the 
arch support structure, necessitating the excavation of a massive, circular support structure. This 
paper describes the design concept and construction of the countermeasure at the deformed sec- 
tion in the serpentinite section and the new excavation section at the serpentinite boundary. 
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Figure 1. Location map of Otonaka tunnel in Japan. 


2 GEOLOGICAL OUTLINE 


A longitudinal geological section of the Otonaka Tunnel is shown in Figure 2. Basalts of the Sor- 
achi Group, sandstone and mudstone of the Ezo Group, and serpentinite as intrusive rock are 
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distributed in the tunnel. Of these, the serpentinite distribution is about 460m long, and the max- 
imum earth cover in this section is about 320m. The serpentinite found in this tunnel are mainly 
clayey and foliated. The earth cover tends to increase from the beginning to the end of the tunnel, 
and the ratio of fragile clay-like serpentinite tends to be relatively high. The cracks developed in 
the serpentinite can be separated by finger pressure even if they are tightly packed. Serpentine and 
bluesite contained in serpentinite is soft and dis-tributed in the rock like a mesh, which decreases 
the internal friction angle ọ and easily becomes a separating surface at the time of fracture. 
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Figure 2. A longitudinal geological section of the Otonaka Tunnel. 


3 DEFORMATION OCCURRENCE IN SERPENTINITE SECTION 


3.1 Estimation of geological properties and deformation mechanism of the damaged section 
(serpentinite) 


The serpentinite section was initially excavated to SP8591, which is near the stratigraphic 
boundary with basalts (greenstone), using a double layered supports structure (Figure 3) 
and monitoring the occurrence of displacement and stress. In January 2014, squeezing and 
ground heaving were observed near the tunnel face (Figure 4(a)). After that, the deform- 
ation spread to the direction of the tunnel entrance side, and the squeezing and heaving was 
observed from the face to the 180 m section. In addition, the destruction of the arch support 
was confirmed mainly at a point about 250m from the face (Figure 4(b)). The area from 
SP8194 to SP8591 which had to be re-excavated due to the destruction is called the damaged 
section (serpentinite). At the end of the damaged section (SP8591), the low-angle fault frac- 
ture zones, apparent dip of about 30 degree, was confirmed (Figure 6). It is assumed that 
this low-angle fracture zone caused the initial deformation, and that the loosening was trig- 
gered by the excessive displacement of the tunnel interior and the failure of the support 
structure, and then spread to the entrance side (Figure 5). 
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Figure 3. Double layered supports system in the Otonaka tunnel. 
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(a) Ground heaving near the tunnel face. (b) Buckling of the arch supports 


Figure 4. Examples of deformation observed in the damaged section (serpentinite). 
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Figure 5. Schematic diagram of deformation progression. 


3.2 Geological conditions of the newly excavated section (boundary area) 


A fault fracture zone with a mixture of serpentinite and basaltic (greenstone) rocks appears at the 
end of SP8591 (Figure 6). The area from SP8591 to 8641 is affected by the fault zone. This section 
which will be started after the re-excavation of the damaged section is called the new excavated 
section (boundary area). It was feared that this section would be the most difficult to excavate the 
tunnel, because of the highest earth cover in serpentinite section and the fault fracture zone. 
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Figure 6. Geological longitudinal section around the end of the serpentinite distribution. 
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4 DESIGN AND CONSTRUCTION OF THE DAMAGED SECTION 
(SERPENTINITE) 


4.1 Concept of design for the damaged section (serpentinite) 


The basic policy of the design of a support structure in a damaged section (serpentinite) is as 
follows. 


4.1.1 Cross-sectional shape of the support structure 

The cross-sectional shape of the support structure should be circular to ensure stability against 
strong ground pressure from all sides, which is suggested by the heaving, and uneven pressure 
under the heterogeneous ground. 


4.1.2 Required bearing capacity of the support structure 

The required bearing capacity of the support structure shall be secured by components that 
can ensure safety against new excavation at the maximum earth cover of the serpentinite sec- 
tion. In order to avoid forming the stiffness gap of the support structure in the longitudinal 
direction, it is necessary to construct a homogeneous support structure with basically the same 
member components along the entire section where the deformation occurred. 


4.1.3 Consideration of after-loading (time-dependent behavior ) 

It is necessary to ensure the bearing capacity of the support structure against the time-dependent 
increase of displacement and stress (after-loading), which is characteristic of the damaged sec- 
tion (serpentinite). In the design phase, the bearing capacity of the lining is not considered, and 
the lining is used to ensure safety against uncertainty. 


4.1.4 Consideration of workability in construction of supports 

To construct a circular support structure as soon as possible, the cross-sectional closure of the 
support members should be carried out as close to the face as possible. In order to shorten the 
ground release time near the face, the maximum thickness of the members that can be con- 
structed at one time is about 500 mm. 


4.2 Design of the support structure for the damaged section (serpentinite) 


The design of the support structure for the damaged section (serpentinite) was carried out as 
follows according to the basic policy described above. 


4.2.1 Design conditions 

Table 1 shows the ground properties of serpentinite for design. The deformation coefficient 
of the serpentinite rock was set to 150 MPa, the internal friction angle to 10 degree, and the 
cohesive force to 60 kPa, based on the inverse analysis of the measurement results of the 
initial excavation and the results of the geotechnical sample test. The ground conditions 
were set as 230 m earth cover, a side pressure coefficient of 1.1 and a slope angle of the main 
stress axis of the ground of 30 degree by the analysis of the measured data of serpentinite 
section. 

In the design verification, it was confirmed that the maximum compressive stress in the shot- 
crete did not exceed the design standard strength of 36 MPa. In addition, to reflect the time- 
dependent afterload acting on the support structure in the design, the long-term stress increment 
in the shotcrete was predicted using the measured data at the time of initial excavation, and the 
maximum stress increment value was set to 8.4 MPa. 


4.2.2 Design of the support structure by numerical analysis 

The design of the support structure was carried out by numerical analysis (finite difference 
method) using the above values of the ground properties and physical properties of support 
members (Table 2). 
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Table 3 shows results of the numerical analysis. It indicates that a perfect circular triple support 
structure (sprayed concrete: 40cm + 40cm +35cm, steel rib(H-beams): H200 +H200 + H200) was 
necessary to satisfy the bearing capacity following the basic design policy (Figures 7 and 8). 


Table 1. Ground properties of serpentinite for 


design. 

Deformation coefficient 150 MPa 
Unit volume weight 22.9 kN/m? 
Cohesive force 60 kPa 
Internal friction angle 10 degree 
Poisson’s ratio 0.3 

Earth cover 230m 
Coefficient of lateral pressure 1.1 

Tilt of principal stress axis 30 degree 


Table 2. Physical properties of support members for 
numerical analysis. 


Shotcrete: surface element 


Modulus of elasticity 6,000 MPa 
Unit volume weight 23.0 kN/m3 
Poisson’s ratio 0.2 
Steel rib (H-200): beam element 

Modulus of elasticity 6,000 MPa 
Poisson’s ratio 0.2 
Cross-sectional area 63.63 cm? 
Secondary moment of sectional area 4,720 cm* 


Table 3. Results of numerical analysis. 


Double Layered supports system Triple Layered supports system 
Shotcrete: 400mm+400mm Shotcrete: 400mm+400mm+400mm 
Steel rib: H-200+H-200 Steel rib: H-200+H-200+H-200 


Gay 


Maximum stress i f Maximum stress 
of shotcrete L cy of shotcrete 
= 31.1 MPa go we = 27.3MPa 


Maximum stress: 31.1 MPa Maximum stress: 31.1 MPa 

+ After loading: 8.4 MPa + After loading: 8.4 MPa 

= 39.5 MPa (NG) = 27.3 MPa (OK) 

Excess bearing capacity 36 MPa Satisfied bearing capacity 36 MPa 
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4.3 Results of the construction at the damaged section (serpentinite) 


The amounts of convergences in the damaged section (serpentinite) remained in the range of 
60 to 80 mm and showed a gradual convergence trend after the section was closed by sup- 
ports. However, as the excavation progressed toward the end of the section and the earth 
cover increased, the amount of convergence became larger, reaching 100 mm in some sec- 
tions. The initial convergence rate before closing was 17mm per 1m of excavation. In some 
sections, displacement control measures using temporary closing the upper half of the excava- 
tion were required to maintain a perfect circle shape of the sup-ports structure. Therefore, the 
further increase of displacement and stress during construction was assumed in the newly exca- 
vated section (boundary area) where the earth cover is the largest in serpentinite section. 


Figure 7. Perfect circular ring closing near the tunnel face by triple layered supports. 
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Figure 8. Triple layered supports system in the Otonaka tunnel. 


5 DESIGN AND CONSTRUCTION OF THE NEWLY EXCAVATED SECTION 
(BOUNDARY AREA) 


5.1 Concept of design for the newly excavated section (boundary area) 


As the result of numerical analysis, it was confirmed that the support structure in the newly 
excavated section (boundary area) could be stabilized by a circular triple supports structure 
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against the assumed earth pressure, even if the influence of boundary fracture zone was con- 
sidered. However, in the newly excavated section (boundary area), it remained a concern that 
the displacement and stress, especially the initial displacement rate, would increase further based 
on the results of re-excavation in the damaged section (serpentinite). Therefore, the advanced 
pilot tunnel method (Figures 9 and 10) was adopted to ensure the stability of the supports struc- 
ture at the newly excavated section (boundary area). 


5.1.1 Countermeasure for the increase in the initial displacement rate 

If the initial displacement increases before the cross-section was closed by the support mem- 
bers, the final shape of the support structure would deviate from a perfect circle and become 
distorted. Therefore, the advanced pilot tunnel construction method was adopted to promote 
stress redistribution before the main tunnel excavation and to reduce the initial displacement 
rate during the main tunnel excavation. 


5.1.2 Countermeasure for the delay of cross-section closure 

If the stability of the face was reduced, it would not be possible to perform cross-sectional 
closure within a short distance from the excavation face. Therefore, the advanced pilot tunnel 
method was adopted to increase the stability of the face during excavation of main tunnel. 


Figure 9. Triple layered supports of main tunnel with pilot tunnel. 


t ist Support (Arch) 
/ Shotcrete: t=400n 
Rockbolts _ ; J Steal Rib: H-200 
2nd Support (Arch) 
/Shotcrete: t-400en 
/ Steel Rib: 4-150 
A 3rd Support (Arch) 


fShotcrete: t=350me 


Shotcrete: t=350em 
Steel Rib: H-150 


3rd Support (Invert) 
Shotcrete> t=350mm 
Steel Rib: H-200 


Ist Support (Invert) / ~N 2nd Support (invert) 
Shotcrete: t=400m Shotcrete: t=400en 
Steel Rib: H-200 Steel Rib: H-200 


Figure 10. Support pattern of triple layered supports with pilot tunnel. 
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5.1.3 Countermeasure for the uncertainty of the ground properties in the fracture zone 
Heterogeneous geological conditions such as fracture zones could be evaluated in advance, by 
analyzing geological properties and measurement data at the time of pilot tunnel excavation. 
And this also allowed to ensure the validity of the design before construction of the main tunnel 
supports structure. 


5.2 Design for newly excavated section (boundary area) 


The support structure of the main tunnel in the newly excavated section (boundary area) is the 
circular triple support structure equivalent to the damaged section (boundary area). The pilot 
tunnel was required to increase the effect of the installation of the pilot tunnel as much as possible 
and to achieve a reasonable structure of support members, which is the largest radius that can be 
supported by a single support structure (Figures 10 and 11). As a result, the pilot tunnel was 
designed as excavation radius R=3.74m, shotcrete t=400mm, steel rib HH-154, to have a bearing 
capacity equivalent to that of the double support structure of the main tunnel without considering 
the time dependency and to ensure stability during the excavation of the main tunnel. 


5.3. Construction results of the newly excavated section (boundary area) 


5.3.1 Geological conditions at the pilot tunnel construction and evaluation of design validity 

A low-angle fracture zone with a mixture of serpentinite and basaltic greenstone was identified in 
the boundary area as expected (Figure 6). The maximum convergence of the pilot tunnel during 
excavation was 40 mm in the fracture zone, but it decreased to about 20 mm in the greenstones 
(basaltic rocks). The stresses of the support members were generally within the assumption from 
the ground properties determined at the time of initial design. Therefore, the validity of the design 
at the fracture zone could be evaluated prior to the excavation of the main tunnel. 


5.3.2 Results of the construction of the support structure at the newly excavated section 
(boundary area) 

During the excavation of the main tunnel in the fracture zone, the excavation was carried out 
around the pre-excavated ground by pilot tunnel. As a result, the convergences of the main tunnel 
were reduced to about 60 mm, and the stable support structures could be constructed. In some sec- 
tions of the fracture zone, the maximum convergence before closing reached about 120 mm, but 
excessive displacement could be prevented by temporarily closing the upper half of the section. 

As described above, in extremely high squeezing ground condition, the triple layered tunnel 
supports system with the advanced pilot tunnel enabled to achieve immediately section closure 
and secured the stability of the tunnel. 


6 CONCLUSION 


The tunnel was successfully excavated (penetrated in November 2020) under the strong ground 
pressure rarely seen in the history of tunnels, where fragile serpentinite is distributed, using the 
perfect circular triple layered supports and the advanced pilot tunnel construction method. It is 
hoped that the various attempts made in the Otonaka Tunnel will contribute to the develop- 
ment of tunnel engineering in the future. 

Finally, I would like to express my deepest gratitude to all those who have cooperated with 
us in making this paper. 
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ABSTRACT: The performance of an EPB-TBM was studied in the Silurian-Lower Devonian 
aged Pelitli Formation consisting of siltstone and sandy limestone which was a part of the cur- 
rent Metro Project in Istanbul. The geology is complex and often cut by andesite dykes. These 
magmatic intrusions are high-strength rocks. However, contact zones or transition zones with 
the main rock are highly fractured and weathered. These zones are critical in mechanized tun- 
neling which is liable to tunnel face instability, face collapses, or jamming of the cutterhead. 
TBM thrust force, torque, penetration, EPB face pressure, and specific energy values are care- 
fully analyzed and compared when cutting the main rock, andesite dykes, and transition zones. 
The mean EPB face pressure being 0.9 bar was increased up to 2.5 bar in the weathered part of 
the dyke, which played a mitigation factor in eliminating the unfavorable characteristics of 
transition zones. 


1 INTRODUCTION 


This paper is a summary of the performance of an EPB-TBM in Pelitli Formation frequently 
cut with dykes within the chainages of 8756/9600 m in the current Metro Project (Umraniye- 
Atasehir-Géztepe) in Istanbul. The presence of dykes, and the small intrusions cutting the 
Paleozoic sedimentary rocks in the Istanbul region is known from previously published data 
on TBM tunneling, Bilgin et al. (2016). These andesitic rocks are generally considered to be of 
Cretaceous age. There is no systematic published data on the distribution and the orientation 
of these andesitic dykes. However, Ozgorus and Okay (2015) concluded that the distribution 
of the strikes is highly scattered with a few prominent directions with two possibilities. The 
first is that the Istanbul dykes constitute a local dyke swarm related to a yet unexposed pluton 
at depth. The second possibility is that the Istanbul dykes are from a regional dyke swarm. 
These magmatic intrusions or dykes are high strength rocks with compressive strength going 
up to 140 MPa, Undiil and Çobanoğlu (2017). However, these intrusions are sometimes frac- 
tured and transition zones very fractured and filled with fine materials. Potential problems in 
fractured dykes and blocky ground include jamming of the TBM, high water inflows resulting 
in high EPB face pressures, difficulties with mucking, the annulus grouting and instability in 
front of the TBM, Bilgin et al. (2016). A typical example of a jammed TBM in weathered zone 
between an andesite dyke and the main rock formation was experienced in Beykoz Tunnel in 
Turkey, as seen in Figure 1, Bilgin et al. (2016). TBM In light of the earlier works, the main 
objective and the main rock of this study was to see in a concise way the effect of dyke inclu- 
sions on the variation of EPB-TBM performance i.e. thrust, torque, penetration, EPB face 
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pressure and specific energy, including daily advance rates and tool consumption to help pro- 
ject scheduling and management in similar ground conditions. 


Figure 1. Beykoz Tunnel, a typical example of a jammed TBM in a weathered zone between a dyke and 
the main bedrock (Bilgin et al. 2016). 


2 THE GEOOGY, DYKES, PHYSICAL AND MECHANICAL PROPERTIES 


In the study area, the Silurian-Lower Devonian aged Pelitli Formation consists of siltstone 
and sandy limestone, with a density of 26.9-27.2 kN/m3, compressive strength of 36.5-50.9 
MPa and elastic modulus of 11300-23600 MPa. The geological profile of the studied area is 
given in Figure 2a. As seen from this figure, the geology is complex with several dykes and 
one major shear zone. TBM is pushed away along Ataköy station. Therefore, the perform- 
ance of the TBM is studied between the chainages 9075/9695 m. 

The dykes along the tunnel route were recorded with the aid of boreholes No GAU31, 
GAU32, GAU33 and GU33, which are shown in Figure 2a. During the excavation, the muck 
coming from the screw conveyor was observed continuously to identify the rock formation pass- 
ing through and the original geological map was modified according to the observations made 
during the TBM excavation. Muck samples were also collected for further testing for obtaining 
some geomechanical parameters. Table 1 summarizes the information obtained relating to Dykes 
D1, D2, D3 and D3. 


3 STUDIES CARRIED ON EPB-TBM PERFORMANCE 
Design parameters of the TBM, production rates and tool consumption are tabulated in Table 2 


and Table 3. The variation of EPB TBM face pressure, penetration, thrust, torque and specific 
energy with tunnel chainages are given in Figure 2. 
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Table 1. The summary of the information obtained in the field on Dykes D1, D2, D3 and D3. 


Chainage in km 


Chainage in km in the reported after the Andesite dykes, the length of the massif and weathered 

original geological map boring part, with strength characteristics 

9+070/9+078 9+070/9+078 D1, massif in a length of 7m, having UCS changing 
between 80-90 MPa 

9+100/9+120 9+100/9+120 D2, massif in a length of 20m, having UCS changing 
between 80-90 MPa 

9+250/9+265 9+230/90+300 D3, from 9+230 to 9+260 fractured andesite dyke, 


thereafter gradually passing to weathered zone with 
very low strength characterized by crumbling by hand 
9+380/9+400 9+380/9+430 D4, from 9+380 to 9+400 fractured andesite dyke, 
thereafter gradually passing to weathered zone with 
very low strength characterized by crumbling by hand 


Table 2. Design parameters of EPB-TBM 
Terratec (S67) used in Pelitli Formation. 


Parameter Value 
TBM excavation diameter, m 6.57 
Number of single discs 25 
Number of center discs 8 
Disc diameter, inch 17 
Number of scrapers 68 
Number of rippers 39 
Number of buckets 36 
Opening ratio % 38 
Maximum rotational speed, rpm 5 
Breakout torque, kNm 7097 
Maximum thrust, kN 40000 


Power, kw 960 


Table 3. Production rates and tool consumption. 


Production rates m*/tool 

Best daily advance, 18.0 m Center discs, 9900 
Mean daily advance, 14.5m Gauge cutters, 3300 
Best weakly advance, 114.0 m Face cutters, 1523 
Mean weakly advance, 101.2 m Bucket, 1650 

Best monthly advance, 345.0 m Scraper, 2200 
Mean monthly advance, 433.6 m Riper, 861 


As seen from Figure 2b, there is a good correlation between EPB face pressure and the state of 
the ground and the dykes. It is at a minimum level of 0.5 bar in the massive Pelitli formation and 
when passing non-fractured and massive Dykes D1 and D2. A golden rule when driving in diffi- 
cult ground conditions with EPB-TBMs, is that the operator must be on alert when the exca- 
vated volume surpasses the theoretical volume. If that is so, the operator should increase EPB 
face pressure to ensure face stability, as happened when fractured and weathered Dykes D3 and 
D4 were excavated, the operator increased the EPB face pressure up to 2.5 bar. In Figure 2c, 
a correlation between penetration and the state of the ground is observed, although it is not 
good as in Figure 2b. Penetration increases in fractured and weathered Dykes D3 and D4 having 
relatively lower strength characteristics. However, the relation between TBM thrust, torque and 
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Figure 2. The geological cross section of the studied area, the variation of EPB face pressure, penetra- 
tion, TBM thrust, torque and specific energy within chainages 9+000/9+700 km. 


specific energy values with the state of the ground is obscure. The main reason for this is that 
EPB face pressure may affect TBM thrust, torque and specific energy values to a great extent, as 
is shown in a recent paper which is under review process in Tunnelling and Underground Space 
Technology. 

Further analysis of the recorded data in Figures 2b-f showed that, the mean thrust, torque and 
penetration values along the studied chainages are 10741 kN, 697 kNm and 9.3 mm/rev Thrust 
and torque show maximum values at chainages 9+ 104 km (D1), 9+177 km (D2), 9+246 m (D3) 
and 9+422 (D4) with consecutive thrust values of 14045 kN, 14741 kN, 14329 kN, 15008 kN, 
torque values of 788 kNm, 745 kNm, 841 kNm and 1118 kNm and penetration values of 6.3, 6.2, 
7.0 and 10.5 mm/rev. In other words, thrust and torque values are 35% and 26% higher in core 
parts of dykes compared to mean values along the studied area. This is justified the views by 
Undiil and Çobanoğlu (2017) stating that the compressive strength of dykes may go up to 140 
MPa in the core parts he dykes. It is very clear from Figure 2 that there is a core part of 
dyke with high strength values and a fractured and weathered transition parts with lower 
strength values. In these zones thrust force and torque go down to 7863 kN and 300 kNm. 
Transition zones are usually liable to face instability, the collapse of the face and the jam- 
ming of the cutterhead (Bilgin and Acun 2021). As a remedial work high EPB face pressures 
are recommended in transition zones (Acun et al. 2021). This rule was also followed in this 
study, as seen in Figure 2b, the mean EPB face pressure being 0.9 bar was increased up to 
2.5 bar in weathered part of the dyke D3 and D4. It is interesting to note that specific energy 
value in the core parts of dykes are 50% higher than the mean SE value as seen in Figure 2f, 
mean value of SE being 4 kWh/m3 increased to 6 kWh/m3 in the core parts of the dykes. 
The chainages between 9+650/9+700 km is an inclined transition zone from Pelitli to Pendik 
Formations. The TBM performance in this zone justifies the results obtained previously by 
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Bilgin and Acun (2021). In an inclined transition zone, the thrust, torque and specific energy 
values are found to be higher compared to horizontal transition zones. This is probably due 
to increased over-break in inclined transition zones, which creates loose material that accu- 
mulated in front of the cutter head. Different rocks encountered along the tunnel route are 


seen in Figure 3. 


SILTSTONE 


9794m, 9218 KN, 564 kNm, 12.5 mm/rev 


2.3 kWh/mi, 7.6 bar 


TRANSITION ZONE BETWEEN 
PELITLI AND PENDIK Fm 
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Figure 3. TBM performance parameters changing a) in a dyke b) in a transition zone between a dyke 
and siltstone c) in sandy sandstone d) in Pelitli and Pendik/Kartal Formations. 
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4 CONCLUSIONS 


This study gave the opportunity to compare the performance of an EPB-TBM in a Silurian- 
Lower Devonian aged formation consisting of siltstone and sandy limestone. The compres- 
sive strength of the rock changes between 36.5-50.9 MPa. The main rock is often cut with 
high strength andesite dykes, compressive strength going up to 140 MPa. However, the con- 
tact/transition zones between the main rock and dykes were highly fractured and weathered, 
which increased the tendency to cause the instability of the tunnel face, like face collapses 
and blocking the cutterhead. Thrust and torque values were found to be 35% and 26% 
higher in core parts of dykes compared to mean values obtained along the studied area. The 
mean EPB face pressure being 0.9 bar along the studied area increased up to 2.5 bar in the 
weathered part of the dyke or in the transition zone, which is a mitigation factor in eliminat- 
ing unfavorable conditions created by transition zones. In an inclined transition zone, the 
thrust, torque and specific energy values are found to be higher (almost twice) compared to 
horizontal transition zones. This is probably due to increased over-break in inclined transi- 
tion zones, which creates loose material that accumulated in front of the cutter head. The 
careful management of the tunnel project made it possible to get a mean daily advance rate 
of 14.5 m in complex geology. The following recommendations for the international commu- 
nity for advancing a tunnel with an EPB-TBM in similar geological conditions with dykes 
are as, the dykes may be massive or fractured and weathered for creating a risk of the block- 
age of the TBM. The mitigation factor for face stability is to increase the EPB face pressure. 
A golden rule when driving in difficult ground conditions with EPB-TBMs, is that the oper- 
ator must be on alert when the excavated volume surpasses the theoretical volume. If that is 
so, he should increase EPB face pressure to ensure face stability, as happened when frac- 
tured and weathered Dykes D3 and D4 were excavated. 
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ABSTRACT: During tunnel excavation, ‘clogging’, induced by sticky material, often occurs at 
the cutting face through to separation and transport for disposal, causing unplanned downtimes 
and additional project costs. However, past studies have mainly focused on the clayey soils’ clog- 
ging properties, and there is a pressing need of studying the clogging potential of mixtures contain- 
ing the majority of silt soil while tunnelling in North-West China. In this study, the effect of the 
proportion of particles in different sizes on the adhesion, fluidity, and consistency of the additive- 
silt mixtures was investigated. The effect of sand and clay addition on the adhesion force and flu- 
idity was explored. Sand has a good viscosity reduction effect on low plastic silt, and adding sand 
will significantly reduce adhesion and increase fluidity. The addition of clayey clays (kaolinite and 
bentonite) to silt has a certain adherence reduction effect. The former reduces the risk of clogging 
due to the more content of non-expansion of kaolinite, while the latter is due to the fact that 
a large fraction of bentonite increases the liquid-plastic limit of the soil mixture and increases the 
water film thickness, resulting in the reduction of adhesion ratio. The variation of the soil consist- 
ency against the additive fraction was opposite to the variation of the maximum adhesion ratio. 
The findings highlight the role of additives in reducing the adhesion forces and the importance of 
cutting off the provision of additional water in preventing the sticky material transformation. 


1 INTRODUCTION 


Tunnel boring machines (TBM) are commonly used in soft soil foundations. During TBM 
excavation, especially in clayey soils with unfavorable water content, one of the most common 
problems encountered is clogging. Induced by sticky material, clogging often occurs at the cut- 
ting face through to separation and transport for disposal, leading to unplanned downtimes 
and additional project costs. Therefore, it is critical to determine the potential of clogging in 
tunnelling projects so that appropriate mitigation measures can be taken in advance. Litera- 
ture review suggests that three methods are commonly used to assess clogging potential, 
including analytical methods (as proposed by Kooistra et al. 1998; Thewes et al. 2014; Thewes 
et al. 2015), semi-empirical methods (Hollmann et al. 2013) and physical simulations (Peila 
et al. 2009; Kang et al. 2019). However, past studies have mainly focused on the clayey soils’ 
clogging properties, and there is a pressing need of studying the clogging potential of mixtures 
containing the majority of silt and sand while tunnelling in North-West China. 

In this study, a laboratory test for clogging potential evaluation was proposed to investigate 
the influence of the proportion of particles in different sizes on the adhesion, fluidity, and con- 
sistency of fine particles and sand mixtures. A comprehensive clogging assessment approach 
was proposed. Furthermore, to prevent the clogging during tunnel excavation, a series of 
reduction design guidelines were identified. The findings highlight the potential of applying 
the comprehensive clogging assessment approach and associated reduction methods to the 
prevention and mitigation of clogging during tunnelling in North-West China. 
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2 MATERIALS AND METHODS 


Loess soil with silt as the main component is widely distributed in North-West China and 
often presents at cutting face during tunnel excavation. This laboratory procedure presents 
a method to assess the potential clogging and fluidity of sticky soil, silt and sand mixtures, 
enabling laboratory and field investigations before and during the excavation. The test mainly 
consists of three stages: soil mixture preparation, mixing test and fluidity test (see Figure 1). 

Bentonite is an extremely sticky clay mineral with a high plasticity index of 49.5%, while 
kaolinite is a less-sticky clay mineral with a low plasticity index of 10.4%. Sand, as a non- 
cohesive soil, has good fluidity and often acts as a good lubricating material. The three min- 
erals were selected as additives for the loess soil. The additives were mixed with the loess soil, 
preparing the additive-silt mixtures with a mass of 1.5 kg. The water added to the additive-silt 
mixtures is designed referring to the soil consistency; the amount of water added is identical to 
that necessary to cause the soil mixtures to achieve a soil consistency being 1. In contrast, the 
amount of water added to cause the soil mixtures to lose their consistency (i.e. soil consistency 
being 0) is also considered. Therefore, these additives with silt mixtures were selected as sam- 
ples for this study to evaluate the influence of cohesive and non-cohesive soils on the adhesion 
of silt with different plasticity indices. Table 1 presents soil mixtures in different content of 
non-cohesive soil with the Atterberg limits according to ASTM-D4318-17. Tables 2 and 3 pre- 
sent tested samples with proportions of Atterberg limits values and classification of cohesive- 
silt mixtures according to ASTM-D4318-17. 


Figure 1. Scheme applied to clogging potential assessment: (a) mixing test and (b) fluidity test. 


Table 1. Tested samples with proportions of Atterberg limits values and classification of sand-silt mixtures. 


Plastic limit Liquid limit Plasticity index Sand Silt Soil 


Specimen (PL) (LL) (PI) (%) (%) classification 
1 16.6 24.7 8.1 75 25 SC 
2 17.5 27.4 9.9 50 50 SC 
3 19.99 32.44 12.45 25 75 CL 
4 21.16 33.91 12.75 0 100 CL 


Table 2. Tested samples with proportions of Atterberg limits values and classification of kaolinite-silt 
mixtures. 


Plastic limit Liquid limit Plasticity index Silt Kaolinite Soil 


Specimen (PL) LL) (PI) A A classification 
1 18.56 28.91 10.35 0 100 CL 
2 19.32 30.62 113 30 70 CL 
3 22.29 32.17 11.95 50 50 CL 
4 20.86 33.13 12.27 70 30 CL 
5 21.16 33.91 12.75 100 0 CL 


1768 


Table 3. Tested samples with proportions of Atterberg limits values and classification of bentonite-silt 
mixtures. 


Specimen Plastic limit Liquid limit Plasticity index Silt Bentonite Soil i A 
(PL) (LL) (PI) (%) (%) classification 
1 21.16 33.91 12.75 100 0 CL 
2 23.14 42.79 19.65 88 12 CL 
3 24.69 46.89 22.2 77 23 CL 
4 30.44 56.09 25.65 55 45 CH 
5 32.53 66.88 34.35 33 67 CH 
6 32.78 72.83 40.05 17 83 CH 
7 34.22 83.72 49.5 0 100 CH 


After the soil mixtures were cured for consecutive 24 hours, a subsequent mixing test aimed 
not only to weigh the soil adhered to the mixing tool but also to derive the adhesion ratio A, 
(Zumsteg et al. 2012; Oliveira et al. 2019). Ax is expressed as follows: 


GMT» 
Jon Mik i 
“ Gror (1) 


Ag tAy +42 +23 +47 
2 
: 0) 


l= 


Where Gury = the total mass of soil stuck at better after x numbers of drops; Gror = the 
total mass of soil; 49 = the initial adhesion ratio with no drop; and A = the average of the 
obtained 4, values. 

The clogging potential categorized into three different regions: high clogging (A >0.4), 
medium clogging (0.2< 4 <0.4) and low clogging (A <0.2) potential. The fluidity test and 
the mixing test were carried out at the same time. The fluidity was obtained by calculating the 
diameter of the mixed soil sample after shaking as follows: 


Flows = a x 100% (3) 


Where dọ = the initial specimen diameter; and the d)5; = the specimen diameter after 25 
times of dropping the flow table. 


3 RESULTS AND DISCUSSION 


Fountaine (1954) was the first researcher to propose a theory on the mechanisms of adhesion. 
There are three different soil-solid material adhesion forces between cohesive particles and 
external materials: 


a. If no water ring or water film is formed, the molecular force between soil and steel surface 
is dominant (see Figure 2a). 

b. In relatively dry and coarse soil particles, the soil adheres to the steel through small water 
rings on the surface, and the water tension controls the magnitude of the adhesion. 

c. In moist fine-grained soil particles, the water film dominates the adherence phenomenon, 
and the adhesive strength per unit area will be equal to the water tension (see Figure 2b). 


It can be seen from the tables 1-3 that the soil classification of mixtures will change with differ- 
ent contents of additives. When the sand content is higher than 50%, the soil classification of mix- 
ture becomes SC. When the bentonite fraction is higher than 45%, the soil changes from low 
plasticity to high plasticity soil (CH). This means that the high plasticity soil mixture has more 
water in the consistency range and is easy to form water film. While soil mixtures with low plasti- 
city tend to form water rings due to the presence of less water and more coarse particles. 
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Figure 2. Two distinct types of water linkage in soils: (a) water rings and (b) a whole water film 
(adapted from Fountaine 1954). 


3.1 Effect of sand content on clogging potential 


Figure 3 shows the variations of the Atterberg limit test, maximum adhesion ratio, maximum flu- 
idity, and consistency results of the sand and silt soil mixtures against different sand fractions. 
With the more sand involved, the LL and the PI of the soil mixtures decreased from CL to SC, 
according to Unified Soil Classification System (ASTM D6913) (see Figure 3a). 2,,, (the max- 
imum / of a soil mixture) decreases gradually from 0.6 to 0.02 (see Figure 3b) and the fluidity of 
the soil mixtures increases from 8% to 40% with the increasing sand fraction (see Figure 3c). Fur- 
ther, the maximum adhesion consistency of the silt and sand mixtures occur in the low consistency 
less than 0.5 represents ‘little’ clogging potential (Hollmann et al. 2013), corresponding to Amax 
being in a 0.02-0.6 range (see Figure 3d). The soil mixture containing the majority of silt soil 
shows the highest adhesion (/,,,, = 0.6) to the cutting tools, as indicated by Figure 3b. The adhe- 
sion force of soil to solid materials is composed of intermolecular forces, water ring attraction and 
an attraction force of the water film between the soil and solid materials. Due to the low plasticity 
index, the adhesion of silt and sand mixture is dominated by intermolecular forces. The highest 
adhesion represents the lowest fluidity being 8%, while the lowest adhesion corresponds to the 
highest fluidity of 40%, as indicated by Figure 3c. These results indicate that the higher the adhe- 
sion ratio, the lower the fluidity, and the higher the potential of soil mixture adhered to cutting 
tools. With the addition of non-cohesive sand, the silt begins to fill the pores, and the particles 
rearranges more easily after jolting. The addition of non-cohesive sand reduces the adhesion and 
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Figure 3. Diagrams applied to clogging potential assessment of the sand-silt mixtures: (a) Atterberg 


limits vs. sand fraction, (b) maximum adhesion ratio vs. sand fraction, (c) fluidity vs. sand fraction, and 
(d) soil consistency vs. sand fraction. 
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increases the fluidity of the soil mixture, which can be used as an effective additive for sticky silt to 
reduce clogging potential during tunnel excavation. 


3.2 Effect of clay content on clogging potential 


Figure 4 shows the variations of the Atterberg limit test, maximum adhesion ratio, maximum flu- 
idity, and consistency results of the kaolinite-silt mixtures against different kaolinite fractions. The 
raw material contains 10% clay. Given the low plasticity of kaolinite, the kaolinite-silt mixtures 
are classed as CL, according to Unified Soil Classification System (ASTM D6913, 2021). The 
plastic and liquid limits PL and LL and the plasticity index PI decrease gently with the increase in 
the kaolinite fraction (see Figure 4a). Further, max remains at approximately 0.6 as the kaolinite 
fraction is increased from 10% to 30%, thereby forming a ‘platform’ (see Figure 4b). max 
decreases to 0.35 and then presents a small change as the kaolinite fraction is increased from 50% 
to 100%, developing the other ‘platform’. Despite that, the variation of max against the kaolinite 
fraction can still be characterized as max decreasing with the increase in kaolinite fraction, most 
likely because of the non-swelling nature of kaolinite. It is well acknowledged that clay minerals’ 
mechanical behavior is affected by swelling nature, and montmorillonite has the highest potential 
to cause clay clogging due to its intracrystalline swelling. Osmotically swelling kaolinite with stiff 
or hard consistency has proven to cause massive clogging because critical flow paths of slurry- 
supported shield machines could be clogged by large lumps of such clay and in laboratory tests 
has shown to develop low adhesion forces. Considering the cationic concentration of the clay min- 
eral surfaces and the surrounding liquid is balanced, the diffuse double layer (DDL) develops 
adhesion forces not high enough to adhere to the mixing tool. The reduction in adhesion forces 
becomes more pronounced when PI of such soil mixture reduces to below 20. The measured fluid- 
ity due to the same reason increases with the increasing kaolinite fraction (see Figure 4c). The 
lowest adhesion corresponds to the highest fluidity of 24%, while the highest adhesion represents 
the lowest fluidity being 8%. These results indicate that the reduced adhesion by the increasing 
kaolinite fraction degrades the potential of soil mixture adhered to the mixing tool. Further, the 
lowest soil consistency Ic of 0.2 is featured with a ‘little’ clogging potential (Hollmann et al. 2013) 
and is associated with max being 0.6 (see Figures 4b and 4d). While Ic of 0.75 is characterized to 
be a ‘strong’ clogging (Hollmann et al. 2013) and corresponds to max below 0.4. These results 
indicate that max is in fact in an inverse relationship with Ic, which conflicts with our consensus 
that Ic increases with the increase in max. Hollmann and Thewes (2013) indicated that every cohe- 
sive soil with a clay content greater than 10% may be transformed into clogging material. This 
principle is also applied to the kaolinite-silt mixtures. Notwithstanding that, this transformation 
still depends upon the availability of additional water. In the present work, the more the water 
provided by kaolinite additive, the higher the probability of natural consistency becoming sticky. 
Ic being 0.2 in the first place raises to 0.75 when the kaolinite fraction is increased from 10% to 
30%. This result provides testimony of the above argument. 

Figure 5 shows the results of the bentonite and silt soil mixtures against different clay frac- 
tions. The addition of high-plastic bentonite increases the LL and PI of the soil mixtures, and 
the soil classification of the soil mixture changes from CL to CH, according to Unified Soil 
Classification System (ASTM D6913). The 4, remains at 0.6 when the bentonite fraction is 


increased from 10% to 30%, thereby forming a ‘platform’ (see Figure 5b). 7, decreases to 0.4 
as the bentonite fraction increased from 50% to 100%. Further, the fludity of the soil mixtures 
increases from 8% to 46% with the incrasing bentonite fraction from 10% to 70%, and then 
decreased to 16% (see Figure 5c). Moreover, the lowest consistancy I, of 0.2 corresponds to 10% 
clay fraction, and I, falling within a 0.5-0.75 range represents ‘strong’ clogging potential (Holl- 
mann et al. 2013), corresponding to P being in a 0.4-0.6 range (see Figure 5d). The soil mix- 
ture containing the majority of silt soil shows the highest adhesion (/,,,, = 0.6) to the cutting 
tools, as inducated by Figure 5b. In contrast, the soil mixture containing the majority of clay 
soil presents the lowest adhesion (Ama, = 0.4) to the cutting tools. The maximum adhesion ratio 
is depended on multiple soil properties, and it resulted from a combination of adhesion between 
the particles of soil mixture and foreign material and interactions between water and the former 
material. When the clay fraction of the soil mixture is less than 35% (CL soil classification), the 
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Figure 4. Diagrams applied to clogging potential assessment of the kaolinite-silt mixtures: (a) Atterberg 
limits vs. kaolinite fraction, (b) maximum adhesion ratio vs. kaolinite fraction, (c) fluidity vs. kaolinite 
fraction, and (d) soil consistency vs. kaolinite fraction. 


increased of adhesion between the particles and the steel surface is equivalent to the reduction in 
adhesion between the water film and the foreign material, resulting in a ‘platform’ around 0.6. 
With more bentonite involved, the soil classification changed to CH. A rapidly increase of water 
film thickness reduces the adhesion of soil mixtures, induced by the increase in LL and PI (see 
Figure 5b). Form CL to CH soil mixtures, the LL of the mixed soil increases rapidly with more 
bentonite added, leading to the increase of fluidity. With more bentonite involved, the fluidity 
starts to decrease, which means that the addition of more cohesive particles increases the shear 
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Figure 5. Diagrams applied to clogging potential assessment of the bentonite-silt mixtures: (a) Atter- 
berg limits vs. bentonite fraction, (b) maximum adhesion ratio vs. bentonite fraction, (c) fluidity vs. ben- 
tonite fraction, and (d) soil consistency vs. bentonite fraction. 
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strength of the soil mixtures (see Figure 5c). It is worth noting that the highest adhesion yields 
the lowest consistancy being 0.2, which is similar to the results of kaolinite and silt soil mixtures 
(see Figure 4d). This further proves that the adhesion and fluidity are deemed more appropriate 
for determining the interaction between the soil mixtures and the cutting tools. 


4 CONCLUSIONS 


Based on the results and discussion, some main conclusions can be drawn as follows: 


(1) Due to the low plasticity index, the adhesion of the sand and silt mixture is mainly deter- 
mined by intermolecular forces. With the addition of non-cohesive sand, the silt begins to 
fill the pores, and the particles are more easily rearranged after shaking. The addition of 
non-cohesive sand reduces the adhesion of the soil and increases the fluidity. It can be used 
as an effective additive for the cohesive silt to reduce the hidden danger of clogging during 
tunnel excavation. When the sand content is greater than 50% (SC), the Ama, of the soil 
mixture decreases to the boundary between medium and low clogging region. The soil mix- 
ture has no risk of clogging up to a sand content of 75%. 

(2) The higher the kaolinite fraction, the lower the plasticity index. The maximum adhesion 
ratio of the kaolinite-silt mixtures decreases in a dramatic manner as the plasticity index is 
reduced to below 20 corresponding to the kaolinite fraction being 50%. Further, kaolinite 
is classed as non-swelling clay because the cationic concentration of the mineral surfaces 
always counterbalances the surrounding liquid. To this end, the diffuse double layer devel- 
ops adhesion forces not high enough to adhere to the mixing tool. The reduced adhesion 
aggravates the fluidity. 

(3) Conducting tests at difference kaolinite fractions and soil consistencies demonstrates that 
the variation of the soil consistency against the kaolinite fraction is opposite to the vari- 
ation of the maximum adhesion ratio against the kaolinite fraction. Further, the soil con- 
sistency being 0.2 raises to 0.75 when the kaolinite fraction is increased from 10% to 30%. 
In spite that the clay fraction higher than 10% transforms the kaolinite-silt mixtures into 
clogging material, this transformation still depends upon the natural consistency and the 
availability of additional water. The more the water provided by the kaolinite additive, the 
higher the probability of natural consistency becoming sticky. 

(4) The higher the bentonite fraction, the higher the plasticity index. With the more benton- 
ite involved, the intermolecular force of the low-plastic soil mixture increases. However, 
due to the rapid increase of the liquid-plastic limit, the thickness of the water film 
increases, resulting in a dynamic equilibrium, that is, the 7,,,. is maintained near a high 
platform of 0.6. After that, for high plasticity soil mixture, the water film gravitational 
force dominated the adhesion, and the thickening of the water film caused the adhesion 
ratio to decrease. The addition of high-plastic bentonite increases the liquid limit of the 
soil mixture, resulting in an increase in the fluidity. The addition of a small amount of 
bentonite to the silt will fill the pores without causing a decrease in the Amax. When the 
fraction of bentonite was more than 30% (CH), the Amay decreased to the boundary of 
the high and medium clogging regions, and the soil mixture was still prone to adhesion 
in the steel surface. The findings highlight not only the role of sand or clay additive in 
reducing adhesion forces during tunnel excavations in North-West China but also the 
importance of cutting off the provision of additional water in preventing the transform- 
ation into clogging material. 
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TBM technology taking up the challenges of steep gradients 
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ABSTRACT: The market dynamics in tunnelling are driven by the globalized world and 
increasing urbanization. Pressing issues these days include climate change, CO2footprint, sus- 
tainable development and a spirit of corporate social responsibility. Hydropower for example 
can deliver a range of benefits to society and the environment. Power-related benefits include 
clean and flexible generation and storage, in addition to reduced dependence on fossil fuels 
and avoiding pollution. The focus of this publication is on the TBM tunnelling technology in 
use for Australia’s largest-ever hydroelectric project, Snowy 2.0 with challenges such as steep 
gradients, long tunnel drives and hazardous conditions. 


1 INTRODUCTION 


Hydropower produces almost two-thirds of the world’s renewable electricity generation and is 
making a major contribution to delivering on the ambition of the Paris Agreement and the Sus- 
tainable Development Goals. It delivers a range of benefits to society and the environment. 
Power-related benefits include clean and flexible generation and storage, in addition to reduced 
dependence on fossil fuels and avoiding pollution. 

Australia’s largest-ever hydroelectric project, Snowy 2.0 contributes to the implementation 
of the UN Sustainable Development Goals (SDG). The aim of UN SDG 7 for example is to 
“ensure access to affordable, reliable, sustainable and modern energy for all” by 2030. 

The Snowy 2.0 project is a pumped hydro-electric storage and generation project that 
addresses the increasing demands for renewable energy supplies. Approximately 27km long 
concrete-lined tunnels will link the Talbingo and Tantangara reservoirs within the existing 
Snowy Mountains Hydroelectric Scheme (see Figure 1). The segmentally lined tunnels have 
an inner diameter of 9.9m to ensure longevity and low maintenance. The project involves 
the construction of an underground power station located 800 meters underground between 
the two reservoirs. 

The Snowy 2.0 project is putting into play one of the longest TBMs to bore one of the deep- 
est powerhouse complexes in the world. A second TBM will deal with hazardous conditions 
that are anomalous in the extreme, and also the excavation of an inclined pressure shaft at 
a slope of 46.67%. 


2 SNOWY 2.0 PROJECT OVERVIEW AND TUNNELLING REQUIREMENTS 


Snowy 2.0 is Australia’s largest hydroelectric project. The original Snowy Scheme already 
delivers about a third of the renewable energy included in Australia’s National Electricity 
Market, according to the Snowy 2.0 principal contractor Future Generation Joint Venture, 
a partnership between Australian construction company Clough and Webuild, the Italian 
group that is leading the project. The project is part of a multi-billion-dollar investment by 
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Snowy Hydro and the Australian government to securely manage the transition to renewables. 
Snowy 2.0 will produce an additional 2000 megawatts of hydroelectric power. The project com- 
prises about 27km of tunnelling with the involvement of three TBMs. Two 11.01m-diameter 
TBMs were supplied by German manufacturer Herrenknecht. The two TBMs, TBMs | & 3, will 
excavate a total of approx. 21,000 meters of tunnels that form the majority of the mechanized 
tunnelling sections. However, the long tunnel drives are not the only challenge along the mechan- 
ized tunnel sections but also the fact that one of the TBMs has to deal with most challenging 
conditions of anomalous in the extreme. The potential of naturally occurring asbestos and steep 
inclines at a slope of 46.67% require TBM solutions that address these kinds of challenges safely, 
securely, reliably and efficiently. 
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Figure 1. Overview on TBM #1 and TBM #3 drives. 


The occurrence of Naturally Occurring Asbestos (NOA) in three of the prevailing geo- 
logical formations demands specific countermeasures during tunnel construction to ensure 
a safe working environment for the workforce. The probability of encountering NOA was 
an important consideration in the choice of machine technology to effectively manage this 
critical hazard. 

The specific project characteristics inspired Herrenknecht and Webuild engineers to 
come up with innovative solutions and each of the two TBMs from Herrenknecht have 
their own unique features. Figure 2 shows the tunnel sections to be excavated by Herren- 
knecht TBMs. 

The 11.01m-diameter Single Shield TBM, TBM # 1, started its first 2.7km-long tunnel 
drive on the 19" of December 2021. This Emergency Cable Ventilation tunnel provides alter- 
nate access to the power complex. The TBM is 211m long and is one of the longest TBMs in 
the world. After completion of the construction works for the Emergency Cable Ventilation 
Tunnel, TBM #1 will start its mission for the remaining part of its 3.6km long drive that 
includes an approximately 1.3km long inclined pressure shaft at a slope of 46.67%. 

TBM #3 is an 11.01m-diameter Multi-Mode TBM that will excavate the 14,915m-long head- 
race tunnel and starting its drive from the Tantangara Reservoir. The particular challenge along 
that drive is the likelihood to encounter naturally occurring asbestos that demands a specific 
solution to deal with this hazard so therefore the TBM manufacturer offered a solution of a dual 
mode TBM. 
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Figure 2. Tunnel alignment and tunnel lengths to be excavated by Herrenknecht TBMs. 


3 TBM LAYOUT AND PROJECT SPECIFIC DESIGN FEATURES 


TBM #3 will construct a 15km long headrace tunnel and dealing with gradients -10% to -0.5%. 
The TBM is a Multi-Mode TBM (Single Shield/ Mixshield) with a diameter of 11.01m. The 
TBM has a 6m main bearing diameter and is powered with an electric drive with an installed 
nominal torque of 23,828 kNm. The TBM including back-up system has an overall length of 
143 meters and is designed according to comply with Australian standards and EN16191. 

The naturally occurring asbestos to be encountered along the drive was finally decisive for the 
choice of a dual mode TBM that can operate both in a single shield mode with material convey- 
ance by machine conveyor belt and tunnel belt or it can switch into a closed slurry mode oper- 
ation with hydraulic mucking in a closed loop system where the airborne fibers are encapsulated 
within the slurry circuit and transported to the slurry treatment plant on the surface. 


opel 
(Single Shield Mode) 


Submerged wall gate closed 


Belt conveyor and 
muckning retracted 


Submerged wall gate open 


Figure 3. Multi Mode TBM (Single/Mix) #3. 


When operating in a closed slurry mode in the sections of naturally occurring asbestos, 
TBM #3 will be able to control exposure to the geological material through safety suits and 
a negative-pressure 5-chamber personnel lock which allows personnel to enter and leave the 
contaminated area, and a 2-chamber material lock which allows material to enter and leave 
the contaminated area. 
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CUTTERHEAD INTERVENTION: 


Figure 4. Asbestos — 5-chamber personnel lock and 2-chamber material lock. 


The 6.2km of tunnel to be driven with the 211m long Single Shield TBM #1 will include the 
drives for the Emergency Cable Ventilation Tunnel and the inclined pressure shaft. TBM #1 is 
designed to suit the specific project requirements and has to deal with possible occurrence of 
asbestos and particularly with a slope of +46.73%. 

The TBM has a 6m main bearing size and the cutterhead is driven by a total of 14 motors 
with a nominal power of 350 kilowatts each. 

The particular focus of TBM #1 design is the steep slope of +46.67%. The steep gradient 
impacts diverse design aspects. This is linked to a high effort for development, design and static 
calculation of the back-up steel structure and related towing connections. When dealing with 
inclinations > 25%, the EN16191 demands a safety factor of three for towing connections and 
also a redundant towing system if the back-up systems could move independent due to gravita- 
tional force in the event of failure of one towing connection and also requires the monitoring of 
the towing connection between the TBM and back-up system. But the gradient also affects the 
design of working platforms walkways, segment handling, process technology (electrical equip- 
ment, hydraulic/lubrication, grout injection and dewatering). 

At its maximum horizontal grade, the machine configuration foresees to convert the machine 
belt to a 25m long screw conveyor (DN 1000) in front of the inclined section and dismantling 
afterwards. Working platforms will be adjusted to accommodate the extreme angle of the bore 
on the incline shaft, with gantries tilting to meet the grade. 


Phase 1 +3 


Figure 5. Single Shield TBM #1 — muck transfer with steep slope (Phase 2 in figure). 


Along the inclined pressure shaft drive, there is a risk of possible occurrence of asbestos 
where countermeasures are foreseen such as the separation of asbestos contaminated areas 
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(“black areas”) and clean areas (“white areas”), installation of decontamination equipment in 
the shield according to TBM # 3 and enclosure of the complete belt conveyor system on the 
TBM and in the tunnel. 

The segment supply to the TBM is done by Multi Service Vehicles (MSV) and further to 
the quick unloading stations, segment crane to the segment feeder. The quick unloading sta- 
tions are integrated in the back-up steel structure and are hydraulically adjustable. The seg- 
ment crane is adapted with a rack and pinion drive because of the incline with adjustable 
vacuum load suspension and an additional mechanical safety grab system for segment. The 
segment feeder consists of an adjustable sliding table for segment loading with a mechanical 
backslide protection for segments. Construction of the inclined headrace tunnel in this way 
replaces the need to sink vertical pressure shafts. 

The 27km of tunnels are constructed by mechanized tunnelling technology. The tunnel lining 
is a segmental lining with a 9+0 ring configuration having an inner diameter of 9.9 meters and 
a ring length of 2 meters. In total 130,500 concrete rings will be placed. The segments are cur- 
rently produced in a factory in Cooma near the Snowy Hydro Limited headquarters. 

After the two TBMs completed their tunnelling works, both will be disassembled in the 
tunnel. This requires the construction of a cavern around the TBMs so that the TBM #3 and 
TBM #1 parts can be evacuated through the headrace tunnel. 


4 TBM PROCUREMENT AND DELIVERY TIMES 


The Future Generation JV composed of Webuild S.p.A., Clough Projects Australia PTY LTD 
and The Lane Construction Corp. contracted the two 11.01m-diameter Single Shield (TBM 
#1) and Multi-Mode (TBM #3) TBMs end of November 2019. Factory acceptance for the 
Multi-Mode was done in May 2020 with the Single Shield TBM factory acceptance following 
in July 2020. Both TBMs were designed and manufactured in the premises of Herrenknecht in 
Schwanau in Germany. They were delivered ex-works in June and August 2020 and were 
assembled on site in Australia by the Joint Venture with the assistance of personnel from Her- 
renknecht. TBM #1 started excavation on 19 December 2021 and TBM #3 on 27 March 2022. 


5 CONCLUSION 


Pumped hydropower storage has proven to be an essential component for modern and future 
clean energy systems. The significant increase in variable renewable electricity sources like 
wind and solar coupled with the conventional power generation has put increasing pressure 
on power grids and underlined the need for pumped hydropower storage ‘water batteries’. 
Snowy 2.0 is the next chapter in the Snowy Scheme’s history, and one which will chart the 
future for deep hydroelectric projects to come, worldwide. Tunnel-boring advancements like 
those being implemented at Snowy 2.0 assure a bright future for hydropower, turning water 
into electricity. 
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ABSTRACT: The project consists of a 2.200 m long-tunnel, composed of a section in loose 
ground for about half of its total length and a section in metamorphic rock for the other half. 
The peculiarity of the portion in loose ground, on which this paper is focused, is that it crosses 
the town with shallow overburdens, about 10 m at most, running along or under numerous 
buildings. The rocky part, characterized by higher overburden, up to 100 m approximately, 
presents an underground roundabout with an overall diameter of 42 m, consisting of 
a toroidal tunnel with a central rock pillar of 8 m of diameter, for the connection with the 
future underground parking of Monte San Benedetto. 


1 INTRODUCTION 


The North-West Ring Road of Merano, Lot 2, is a project of the Autonomous Province of 
Bolzano (APB), that completes the fast-flowing access and exit road from the city center and 
connects the existing Bolzano-Merano Highway, to the West, and the Val Passiria route, to 
the East, continuing the penetration axis of Lot 1, already completed in the past years. 

The Detailed Design was made by the design team composed of Dr. Eng. A. Gretzer, 
Dr. Eng. K. Bergmeister, Dr. Eng. M. Ebner and Dr. Eng. W. Weis. 

The contract for the construction of the works, for an amount of about 100 M €, was awarded 
to the consortium San Benedetto - Merano Scarl, made up of the mandatory Carron Bau S.r.l. 
and Mair Josef & Co S.a.s., Di Vincenzo Dino & Co S.p.A. and PAC S.p.A., which has entrusted 
the consultancy for the For Construction Design to the engineering company Pro Iter S.r.l. 

In this paper, after a brief description of the entire project, the choices made for the excava- 
tion of the natural tunnel under shallow overburden in loose ground are described. 


2 THE PROJECT 


The road layout of Lot 2 starts in the North-West part of Merano, in continuity with Lot 1, 
which has already been completed and is currently in operation, runs eastwards under the city 
and then connects to the existing road system of Passiria Valley. 

Except for the open-air sections to the East, Lot 2 mainly consists of a single tunnel with 
a total length of about 2200 m, which can be divided into two parts: an initial section of Cut&- 
Cover tunnel (L=136 m, Pizzarotti E.M. et al., 2022.), connected to Lot 1 and the surface 
roads, and a subsequent section of conventional underground excavation (L=2064 m). 
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The latter, approximately for the first km, crosses the city of Merano and is characterized 
by the presence of loose ground and shallow overburdens; moving eastward, the tunnel crosses 
the metamorphic rock formations of Mount San Benedetto, with overburdens up to about 
100 m (Figure 1). 


Figure 1. General plan and geological profile of Lot 2. 


The loose ground is mostly gravels and sandy gravels, with pebbles and frequent boulders, 
generally less than 1 mî, having the following average geotechnical parameters: y = 22 kN/m’, 
p = 35°, c = 0 kPa and E = 120 MPa. 

The rocky part of the route crosses the Periadriatic lineament, here called the Merano-Mules 
fault, which separates the South Alpine unit of Brixen, consisting of cornubianitic phyllites, from 
the Austroalpine Marling formation, with predominantly gneisses and mica schists often cataclastic. 
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Figure 2. Typical section 2Sp (on the left) and Pb (on the right). 
For the metamorphic rock formations the average geomechanical parameters, according to 
the Hoek and Brown criterion, are: y = 29 kN/m3, ce; = 50 MPa, m; = 15, E; = 5.8 GPa and 


GSI = 25+45 (varying between the classes III and IV of Bieniawski rock mass classification). 
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The tunnel standard section has a two-way carriageway, characterized by 2 lanes of 3.5 m, 
two 0.75 m side platforms and two footpaths with variable width for an overall internal width 
of 11.8 m (Section 2Sp, on the left in Figure 2). 

The road platform widens in correspondence to the 4 lay-bays (Section Pb, on the right of 
Figure 2) provided along the route (2 in the rocky section and 2 in the loose ground stretch) 
and in the sections accommodating the entrance and exit lanes: approaching the East adit 
(Section 3Sp+, platform width = 15.1 m) and in the first West section of the natural tunnel 
(Section 4Sp, platform width = 15.5 m; Figure 3). 


Figure 3. Typical section 4Sp. 


At about one km from the East portal, an underground roundabout with an overall diameter of 
about 42 m is currently under costruction, supported by a central rock pillar with a diameter of 8 m, 
allowing the access to the underground parking of Mount San Benedetto, to be built in the future. 


3 EXCAVATION IN LOOSE GROUND 


The first stretch of the tunnel from the West portal is characterized by shallow overburdens 
(about 7 + 8m) and a series of buildings (also underground structures, such parkings) very 
close to the tunnel or directly above it. From the geological and geotechnical points of view, 
the tunnel crosses alluvial deposits without cohesion, while the groundwater level doesn’t 
interfere with the excavation but can rise up to the final lining center during the service life. 
For this reason, fully waterproof final linings have been designed. 

A sawtooth excavation is applied, with jet-grouting injections ọ 600 mm both on the front 
and on the boundary, umbrella steel pipes ọ 114/8 mm over a crown arch of 120° and 
a primary lining composed of 25 cm of fiber reinforced sprayed concrete (5 cm of safety layer 
and 20 cm of second layer) and other 5 cm of sprayed concrete (regularization layer), 
reinforced by steel ribs HEB200/1.5 m. 

For the final reinforced concrete lining, a 70 cm thick-invert has been provided (to be cast 
together with the kickers at a short distance from the tunnel face, after the installation of the 
invert waterproofing layer) and a crown lining with thickness variable between 50 cm and 150 cm. 

To approach the excavation safely and to reduce the settlements in proximity to and under 
the existing buildings, the intensity of the jet-grouting injections was modulated by providing 
3 different round of excavation lengths (6 m, 9 m and 12 m) and, consequently, different over- 
laps of the jet-grouting columns (single, double and triple overlap). In particular, according to 
the results of the analyses carried out (see in the following), the heaviest section 2Sp_6 was 
foreseen in the stretch where the tunnel underpasses some buildings (foundations vertical dis- 
tance from the tunnel crown less up to 6 m), the intermediate section 2Sp_9 (Figure 4) in pres- 
ence of buildings at a horizontal distance from the tunnel axis between 6 m and 15 m, while 
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the lightest section 2Sp_12 was foreseen in green-field condition or where the buildings have 
a horizontal distance from the tunnel axis > 15 m. 


ve 


Figure 4. Excavation support for section 2Sp_9. 


The same injections and supports described above were applied for the excavation of the 
lay-bays Pb, even if, considering the higher excavation dimensions of the section (on average 
18 m width and 14 m height versus 14.5 m width and 12.5 m height for the 2Sp section), only 
rounds of excavation of 6 m and 9 m were foreseen. 

A different approach has been adopted for the excavation of the largest section 4Sp 
(Figure 5), that reaches an excavation width of about 21 m and a height of about 13.5 m, for 
which a sawtooth section, also given the shallow overburden of approximately 6 m, is not 
applicable. In this case, the design foresees the excavation of a pilot tunnel (2Sp*), with dimen- 
sions and supports similar to section 2Sp, the execution of radial cement-bentonite mix injec- 
tions 4.5 m thick via PVC tubes with valves (3 valves/m) from the pilot tunnel to the boundary 
of the section and the successive enlargement with the installation of the primary lining (5+25 
fiber sprayed concrete reinforced with steel ribs HEB200 every 0.75 m). 


Figure 5. Excavation support for section 4Sp. 


For the design of the tunnel in loose ground and under low overburden, 3D FDM step-by- 
step analyses with the software Flac3D were carried out to simulate all the excavation phases 
with the aim of: 1) studying the stability of the excavation face; 2) assessing a reliable de- 
confinement law (relation between displacements and the distance from the face, to be used in 
the successive and more specific 2D analyses); 3) obtaining an evaluation of the trend of the 
longitudinal settlements on surface along the axis. 

The excavation section considered in the 3D analyses is 2Sp, the most present along the 
route. For the sake of simplicity, the mean section with a cylindrical shape has been modelled. 

The step-by-step analyses simulate the progressive advancement of the excavation with the 
execution of all the stabilization measures of the tunnel as well as the primary lining and the 
successive casting of the final lining (Figure 6). In particular, the various measures have been 
modelled as follow: 


— The umbrella fields on the contour of the cavity using uniaxial pile element capable of sup- 
porting axial, shear and bending moment actions. 

— The jet-grouting injections on the contour of the cavity and on the excavation face through 
the increment of the cohesion property of the ground injected. 

— The primary lining and the final lining (invert and crown) by 3D shell elements. 
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Figure 6. Step by Step 3D analysis — Section 2Sp_12 — Soil group and structural elements. 


The analyses of excavation face stability (Figure 7) have been performed applying 
a reduction to the strength parameters of the soil through a coefficient (Factor of Safety FoS) 
following the Italian standards. Those analyses allow to size the injections intensity necessary 
to ensure the safety of the excavation face. 


FLACD 7M 
©2022 rasca Group. re 


Jame Displacensent Magnitude 
Cut Plane: on back 


Figure 7. Face stability analysis results — Section 2Sp_12 — FoS = 1.375 — Displacement magnitude plot. 


Successive 2D FDM analyses with Flac2D have been performed to study: 


— The various configurations of the tunnel related to three different conditions: the absence 
of buildings (green field), the presence of buildings at a minimum horizontal distance from 
the tunnel axis equal to 6 m and the presence of building above the tunnel (Figure 8). 

— The other sections present in the project with a dimension greater than section 2Sp (Pb,4Sp). 

— The effect of specific load conditions, such as the seismic load, the water pressure, the 
weight loads due to the presence of the ventilation duct slab and the load dissymmetry due 
to the possible future side trenching. 


The 2D analyses allowed the sizing of the primary and final linings and the evaluation of 
the surface subsidence in different boundary conditions (Figure 9). 

The evaluation of the subsidence with the 2D analyses has been integrated with analytical 
formulation based on Peck (1969), O’Reilly and New (1991) and Burland (1995), describing 
the settlements trend with a Gaussian curve, to perform sensitive analyses to evaluate the max- 
imum possible subsidence and distortion below the existing buildings. The keys parameters in 
the analytical model, i.e., the Volume Loss Vz and the coefficient k, were, at first, estimated 
according to the results of the 2D analyses. Successively, these parameters have been varied 
with the aim of studying more conservative scenarios (Figure 10). 

Based on the results of these conservative analyses, the Attention and Alarm threshold values 
regarding the subsidence and the distortion on the free-field and below the existing buildings 
were defined, to limit the level of buildings damage within acceptable values (risk category n. 2 
in Rankin classification “light damage level — cracks easily removed by painting”). From 
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Figure 8. Passage of the section 2Sp_9 near the building (on the left) and passage of the section 2Sp_6 
under the buildings (on the right). 


Figure 9. 2D analysis for the evaluation of the subsidence on surface and below the buildings (on the 
left); Development of the subsidence (on the right). 


Figure 10. Comparison of subsidence curve: 2D numerical analysis (red), analytical model (yellow) and 
analytical model under conservative scenarios with increasing Volume Loss (blue) and decreasing of 
k coefficient (green). 


Table 1 and Table 2, it is possible to notice that the threshold values are never exceeded by the 
results of numerical analyses and are reached only considering the conservative analytical ana- 
lysis (Vz = 1.1% for the Attention value and k = 0.45 for the Alarm value). 

The threshold values were defined differently in relation to the relative position of the moni- 
toring section respect to the actual location of the excavation face. 

In particular, for monitoring sections beyond the excavation face, the threshold values have 
been set equal to the 30% of the respective values far behind the excavation face, as shown in 
Table 3, according to the longitudinal trend of the surface subsidence provided by both the 
3D analyses and the literature (Attewell e Hurrell (1985) and Ribacchi (1993)). 

To check the correctness of the design predictions, continuous surface monitoring was 
planned, essentially based on subsidence control, using total stations able to detect hourly the 
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Table 1. 
tive attention and alarm thresholds values. 


Maximum subsidence values (Smax) 


Maximum subsidence values on the surface from analytical and numerical analyses and rela- 


Smax threshold value Smax threshold 
of Attention [mm] value of Alarm [mm] 


Reference Smax analytical Smax numerical 
Section method [mm] analysis [mm] 
2Sp_6 (VL=0.5%) 23 24 

2Sp_9 (VL=0.7%) 33 26 

2Sp_12 (VL=0.9%) 42 40 

Pb_6 (VL=0.5%) 33 33 

Pb_9 (VL=0.7%) 47 38 

2Sp*_9 (VL=0.7%) 33 26 

2Sp*_12 (VL=0.9%) 42 40 

4Sp - 97 


50 80 
50 80 
50 80 
100 130 


Table 2. Maximum subsidence and distortion under buildings from analytical and numerical analyses 


and relative Attention and Alarm thresholds values. 


Maximum subsidence values under buildings 


(Smax) Maximum distortion under buildings (Dmax) 
Smax Smax Dmax Dmax 
Smax Smax threshold threshold Dmax Dmax threshold threshold 
analytical numerical value of value of analytical numerical value of value of 
Reference analysis analysis Attention Alarm analysis analysis Attention Alarm 
Section [mm] [mm] [mm] [mm] [-] [-] [mm] [mm] 
2Sp_6 (VL=0.5%) 23 30 1/872 1/606 
2Sp_9 (VL=0.7%) 29 24 1/623 1/432 
2Sp_12 (VL=0.9%) 20 - 1/510 - 
Pb_6 (VL=0.5%) 30 24 1/615 1/533 
Pb_9 (VL=0.7%) 22 = 30 50 1/462 - 1/350 1/200 
2Sp*_9 (VL=0.7%) 29 24 1/623 1/432 
2Sp*_12 (VL=0.9%) 20 - 1/510 - 
4Sp - 35 - 1/367 
Table 3. Attention and Alarm thresholds values beyond the excavation face. 


Attention and alarm thresholds values - Maximum subsidence (Smax) and distortion (Dmax) 
Monitoring section on surface NOT yet undercut by the tunnel excavation 


Smax free field [mm] 


Smax under buildings [mm] 


Dmax under buildings [-] 


Refernce 

Section Attention Alarm Attention Alarm Attention Alarm 
2Sp; Pb; 2Sp* 15 25 

4Sp 65 95 10 15 1/1000 1/600 


Note: the threshold values for section 4Sp have been obtained considering the 100% of the section 2Sp* thresh- 
old and 30% of section 4Sp (enlarged excavation) incremental threshold. 


subsidence on specific cross-sections, spaced approximately 10 metres apart. Each section con- 
sists of 5-6 optical targets or topographic prisms (Figure 12). 


4 CONCLUSION 


The excavation in the loose ground started from the West side with section 2Sp* - after the ini- 
tial section of Cut&Cover tunnel - and from the East side with section 2Sp - after the completion 
of the rocky part and the overcoming of the contact between loose ground and rock - reaching 
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respectively, at the date of the present paper, for a length of about 130 m and a length of 
approximately 55 m (Figure 11), with advancement rates close to one meter per day. 


Figure 11. Excavation face in loose material (from West portal — section 2Sp* on the left) and in prox- 
imity to the passage from the rock to the loose material from the East portal (Section 2Sp on the right). 


During the excavation of the first portions of the tunnel, the recorded subsidence has been less 
than or, in the worst conditions, similar to the value predicted in the design phase (Figure 12). 
The back-analysis of the data acquired during this phase suggested to modify the heaviest section 
foreseen in the design to underpass the buildings (2Sp_6) with a new section similar to the section 
2Sp_9 but with the following enhancements: 1 — Reinforcing the jet-grouting column on the 
boundary with steel tubes; 2 — Increasing the number of the jet-grouting columns on the front, 
particularly in the upper part of the section. Excavating with a longer field (9 m instead of 6 m) 
has the beneficial effect of reducing the inclination of the treatments on the boundary and conse- 
quently the distance of the jet-grouting injections from the foundations of the buildings. 


a 


Eurospar 


Figure 12. Plan view of the continuous surface monitoring and subsidence (West side). 
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ABSTRACT: Tunnelling below historical city centres requires the accurate analysis of the 
impact of construction works on cultural heritage monuments, which need to be preserved from 
any possible damage. In this paper, the undercrossing of an historical masonry structure in the 
city of Florence (Italy), the Fortezza da Basso, by two tunnels of the new high-speed railway 
underground line is analysed. The interaction problem is studied by a 3D class-A finite element 
numerical model. Advanced constitutive laws are adopted to describe the key features of the 
mechanical behaviour of both soil layers and masonry structures. The results of the analyses 
show that the excavation process is likely to induce a negligible to slight damage in the historical 
fortress when a typical surface volume loss of 0.5% is considered in greenfield conditions. 


1 INTRODUCTION 


The demand for an efficient and sustainable transport has given a new impetus to the con- 
struction of underground railways in historical city centres in order to relieve pressure on 
existing surface lines and stations. 

The case study here analysed refers to the undercrossing of Fortezza da Basso, a notable renais- 
sance masonry fortress, by the twin tunnels of the new high-speed underground railway in Flor- 
ence (Italy). The displacement field and the associated level of damage induced by the excavation 
works in the structure are predicted with a class A three-dimensional finite element model. 

Firstly, the project of the new underground lines, whose construction is expected to start in 
2023, is described, together with the geological and geotechnical site conditions. The interaction 
problem is numerically studied with a FE model developed with the commercial code Plaxis 3D®. 

The Hardening Soil Model with Small Strain Stiffness (Benz 2007), calibrated against 
experimental static and dynamic in situ tests, is adopted to describe the mechanical behaviour 
of the soil. The Jointed Masonry Model, an equivalent elastic perfectly-plastic constitutive 
law, recently developed by Lasciarrea et al. (2019) modifying the Plaxis-native Jointed Rock 
Model, is used to seize the anisotropic plasticity of masonry. The excavation sequence of the 
EPB-TBM that will be adopted is simulated with a step-by-step procedure (Fargnoli et al., 
2015) consisting in 86 subsequent advancements. The numerical model is validated in green- 
field conditions for a 0.5% expected volume loss at the ground surface level. The simulation 
consists in the modelling the twin tunnel undercrossing one of the bastions of the fortress (i.e. 
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the Cavaniglia bastion) with a focus on the structural elements more prone to possible damage 
(i.e. bastion walls transversal to the tunnels). Finally, results are summarised in terms of total 
displacements at the soil-masonry interface and tensile strains occurring in the structure. These 
last are compared to threshold values, accordingly to the classification proposed by Son & 
Cording (2005), in order to assess the expected level of damage. 


2 CASE STUDY: NEW HIGH-SPEED RAILWAY UNDERGROUND LINE 


The twin tunnels of the new underground high-speed railway will be running for about 7-8 km 
under the Historic Centre of Florence (UNESCO world heritage site) with an average slope of 
1.8%. The new infrastructure will link two operating lines: the Rome-Florence Direttissima 
and the Florence-Bologna HS/HC. The project also includes the construction of a new HS/ 
HC underground train station, i.e. the Belfiore Station. 

Few historical monuments will be undercrossed along the route, including Fortezza da 
Basso (Figure 1a). It is a masonry fortress with an irregular pentagon plan and five bastions 
located in correspondence of each corner. Only the possible effects induced on the Cavaniglia 
bastion are analysed herein (Figure 1b). 

The TBM-EPB employed will be characterised by an external diameter of 9.4 m and an 
inner one of 8.3 m, thus allowing the transit of a type-C loading gauge. Prefabricated concrete 
segments 1.5 m long and 0.4 m thick will be used for the tunnel lining. 

The two tunnels will not be bored simultaneously, with the even track (#S) excavated 
before the odd one (#N), and will run parallel at a constant distance of 19.3 m along the 
entire route, except for the entrance areas. 
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Figure 1. a) Plan view of the Fortezza da Basso, the two tunnels and in-situ investigations (B: borehole, 
CH: cross-hole, CPTU: cone penetration tests with piezocone); b) Cavaniglia bastion (from Abul 2021). 


3 GEOTECHNICAL AND STRUCTURAL MODELS 


The tunnel excavation will mainly interest the quaternary lacustrine and alluvial deposits of 
the Florence-Prato-Pistoia basin, the Arno River, and its main tributaries (Passante AV 
Executive Design 2021). 

The geotechnical characterization of the Fortezza da Basso area is carried out considering the 
results of the laboratory and site tests conducted during the 1997, 1998 and 2007 campaigns. 
Site investigations (Figure la) included four boreholes, three in-hole seismic tests (CH and DH), 
and four cone penetration tests with piezocone (CPTU). Laboratory tests consisted of particle 
size distribution analysis, Atterberg limits test and oedometric and triaxial compression tests. 

A 4-layer geotechnical model, also considering the available literature data (Vannucchi 
et al. 2003), is defined in Table 1. The last layer SL3 was investigated only through cross-hole 
and down-hole seismic tests. The water table is located at 9.5 m below the ground surface 
(+39.25 m a.s.l.) and hydraulic conditions can be assumed as hydrostatic. Mechanical, 
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physical and state parameters are summarised in Table 2. Ky values are derived from the equa- 
tions of Jaky (1944) and Mayne & Kulhawy (1982) respectively for coarse-grained and over- 
consolidated fine-grained strata. 

Fortezza da Basso was built during the first half of the 16 century by the will of the House 
of Medici. The geometry of bricks and the thickness of the mortar joints is based on the “Flor- 
entine arm” (i.e. unit of length equal to 58.36 cm). Bricks are approximately 30-cm long (1/2 
of the unit), 15-cm wide (1/4 of the unit), and 6-cm thick (1/8 of the unit). The mechanical 
properties are selected consistently with experimental tests on masonry specimens (Binda et al. 
1994), since specific tests for this monument are not available (Figure 2, Table 3). 


Table 1. Site stratigraphy. 


Elevation (m a.s.1.) 


Layer from to Description 

R +48.75 +41.90 made ground: coarse-grained material in a silty-clayey matrix 
SA8/SF3 +41.90 +22.55 gravelly-sandy layer in silty matrix 

SL5 +22.55 +13.75 silty-clayey layer 

SL3 +13.75 -5.00 gravelly-sandy layer in a silty matrix 


Table 2. Physical, state and mechanical properties of the soil layers. 


Layer I, (%) k €o Dr (%) g (°) OCR Ko (-) Cy (kPa) 


R - - - 58 41.5 - 0.3374 - 
SA8/SF3 - - - 63 39 - 0.3707 - 
SL5 20 1.24 0.61 - 25 2:5 0.8504 182 
SL3 - - - - - - 0.4122 - 

b Table 3. Assumed properties of the 


masonry. 
ta 


Parameters Masonry 
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Figure 2. Definition of the brick dimensions b (mm) 291.8 
(after Lasciarrea et al. 2019). 


4 NUMERICAL MODEL 


Figure 3 shows the developed 3D numerical model, whose domain size is 180 m in width, 
53.75 m in height and 200 m in length (Abul 2021), sufficiently large to minimize boundary 
effects in the internal zone of interest. The nodes at the base of the model (z = -53.75 m) are 
completely constrained, while horizontal movements are prevented on the side boundaries. 
Both the subsoil and the structure are modelled with 10-node tetrahedral elements. Dimen- 
sionless interface elements are modelled under the bastion foundations and along the perime- 
tral walls in contact with the soil (Figure 3b) in order to better describe the real discontinuity 
between the soil and the structure. The interface elements connect the nodes of the soil to the 
nodes of the structure through reduced elastic and strength properties, thus allowing the 
linked meshes to follow different deformations. The interface tensile and shear strength 
parameters are derived from those of the surrounding soil parameters through a reduction 
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factor Rinter = 2/3, while interface elastic parameters, G; and v;. are defined according to Equa- 
tions | and 2, respectively (PLAXIS 2021). 


G; = R? Gsoil (1) 


inter 


vi = 0.45 (2) 


The numerical analysis is performed in terms of effective stresses, assuming drained condi- 
tions for the coarse-grained layers and undrained ones for fine-grained layers, in accordance 
with in-situ permeability measures. 


BB Walls 
6 Interfaces 


i Section A-A' = 
(a) (b) ic) 


Figure 3. 3D model: (a) computational domain; (b) Cavaniglia bastion with interface elements below 
the ground level and the section (A-A’) used to plot the main results (after Abul 2021). 


4.1 Excavation sequence 


For each tunnel, the excavation process is simulated for 169.5 m, the first 30.0 m of which in 
a single phase in order to reduce the overall computational cost. The remaining 139.5 m, that 
directly interact with the bastion, are divided into 93 portions, each corresponding to an 
advancement of the excavation face of a length equal to the lining segment (1.5 m). 

Each TBM advancement is simulated by moving forward the shield for a length of 1.5 meters 
and deactivating the corresponding soil cluster, while dry conditions are imposed at the new 
boundary (internal walls and face of the tunnel segment). A face-support pressure equal to the 
total horizontal lithostatic stress is applied to the new excavation face, varying linearly from 353 
kPa at the crown to 588 kPa at the invert. The TBM shield has a total length of 
10.5 m (subdivided into 7 elements of 1.5 m each) and a thickness of 0.17 m, and it is modelled by 
means of steel plate elements. To control the subsidence volume, a linearly variable contraction is 
applied along the shield to simulate its truncated cone geometry. In particular, a linearly variable 
contraction is employed for elements from no. 1 to 6, with the aim of achieving the target Vz at 
the ground surface, while a uniform contraction is applied to the shield tail (element no. 7). 

A mortar injection pressure is considered between the shield tail and the lining over a portion 
of soil equal to 1.5 m, while a distributed load corresponding to the hydraulic jacks thrust is 
applied longitudinally against the final lining. The grouting pressure is variable with depth (383 
kPa at the crown and 618 kPa at the invert), with a linear increase of 25 kPa/m, while the thrust 
of the hydraulic jacks is set equal to 7135 kPa (Passante AV Executive Design 2021). The lining 
activation is simulated at 12 m distance from the excavation face, where the installation of the 
class C40/50 concrete ring segments is simulated through the activation of plate elements. 

The schematization of the excavation steps is shown in Figure 4. Table 4 lists the properties 
of the shield and lining segments, which are assumed as linear elastic and isotropic. 


4.2 Constitutive models: Hssmall and JMM 


The constitutive models for the soil layers and the masonry structure are the Hardening Soil 
Model with Small Strain Stiffness (Hssmall) and the Jointed Masonry Model (JMM), respectively. 
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Table 4. TBM-EPB shield and lining parameters. 


Parameters Shield (steel) Lining (concrete) 
= Thickness (m) 0.17 0.4 

y (kN/m*) 247 27 

v(-) 0 0.1 

E (GPa) 200 35 


Figure 4. Schematization of the excavation steps 
of TBM-EPB (after Fargnoli et al. 2015). 


Hssmall (Benz 2007) is an isotropic hardening elasto-plastic model with a non-linear elastic 
law able to describe the dependency of soil stiffness on the stress level at very low strain, its 
progressive stiffness decay and early accumulation of plastic deformations. 

The profile of small strain stiffness with depth is obtained by calibrating the parameters 
(exponent m and reference small strain shear modulus Gp™) against the cross-hole experimen- 
tal results (Figure 5). Soil unit weight, overconsolidation factor, strength and stiffness param- 
eters for Hssmall used for different layers are summarised in Table 5. 

JMM (Lasciarrea et al. 2019) is an anisotropic elastic-perfectly plastic constitutive law that 
captures the strength anisotropy of masonry. Shear and tensile behaviour of horizontal bed 
joints is described through a Mohr-Coulomb criterion with a tensile cut-off. The head joints, 
which are characterised by an “interlocking” between bricks due to the masonry bond, present 
enhanced tensile and shear resistances, depending on the ratio between brick height and 
length. In the JMM the elastic properties of masonry derive from a homogenization procedure 
and are function of the elastic properties of the bricks, their geometry, and thickness of 
mortar joints. The Young modulus and Poisson coefficient for masonry are assumed equal to 
1300 MPa and 0.18, respectively. Shear strength angle along mortar joints, fm, and dilatancy 
angle, y, are assumed as 22°, no cohesion is considered (Table 3). 


Go (MPa) . 
0 300 600 30 i200 Table 5. Soil parameters for HSsmall. 
“al § tT. < T| Lithotype 
5f Parameters R SA8/SF3 SLS5 SL3 
10 + Yary (kN/m?) 18.5 18.5 19.35 19.30 
H Ysat (KN/m°®) 18.5 19.3 19.35 19.3 
15 ANTS OCR 1 1 1 1 
cM); c’ (kPa) 0 0 3.66 0 
52 og’ (°) 41.5 39 25 36 
Boe | v) 0 0 0 0 
BA ae e VAa m (-) 0.3 0.6 0.5 0.55 
5 yl Var ©) 0.2 0.2 0.25 02 
a” Go" (MPa) 350 550 270 600 
PA AES ES) Eo (MPa) 840 1320 675 1440 
FIE g Eur (MPa) 168 264 202.5 288 
dost: Eso (MPa) 56 88 67.5 96 
; E sed (MPa) 56 88 67.5 96 
45 | ÁA O0-Crosstiote ¥0.7 (-) 0.0001 0.0001 0.0001 0.0001 
L — oons 2i p™ (kPa) 100 100 100 100 
s0. | Ko (-) 0.3374 0.3707 0.8504 0.4122 
Ko (-) 0.3374 0.3707 0.5774 0.4122 
Figure 5. Calibration of HSsmall model based on Rg (-) 0.9 0.9 0.9 0.9 


results from CH test (modified after Abul 2021). 
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4.3 Model validation in free-field conditions 


The validation of the model in free-field conditions is carried out on a reduced domain (85m 
x 132m x 53.75m) for computational reasons and limited to the excavation of a single tunnel. 
The aim of the analysis is to reproduce a volume loss at ground level, Vz, equal to 0.5%, con- 
sidered as representative of an optimal excavation practice. The corresponding shield contrac- 
tion, determined by a trial-and-error procedure, is equal to 0.7%. A comparison between the 
Gauss analytical curve (for Vz = 0.5% and k = 0.5) and the numerical results with HSsmall 
and a shield contraction of 0.7% is shown in Figure 6. The maximum subsidence in the two 
cases is 9.67 and 9.62 mm, respectively. Figures 6 also represents the analytical and numerical 
comparison in terms of longitudinal settlement curve. 
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Figure 6. Normalized transversal (a) and longitudinal (b) settlement curves: comparison between the analyt- 
ical curve for k=0.5 and numerical results obtained from Plaxis 3D with HSmall (modified after Abul 2021). 


5 DAMAGE ESTIMATION 


Results of the soil-structure interaction are presented only for wall A, which runs transversal to 
the railway (Figure 3b). Vertical settlements and horizontal displacements induced by tunnel exca- 
vation are shown at two different stages: after the passage of the first tunnel under the transversal 
wall (Figure 7); in the final conditions, after the undercrossing of both tunnels (Figure 8). 

The displacement curves are plotted together with greenfield conditions for comparison and 
refers to the foundation depth (i.e. 8.85 m below g.l.), along a midsection running parallel to 
the wall (Figure 3b). 
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Figure 7. Comparison between numerical greenfield and coupled analyses after #S tunnel excavation: 
settlement curve (a) and horizontal displacement curve (b). 
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Figure 8. Comparison between numerical greenfield and coupled analyses after #N tunnel excavation: 
settlement curve (a) and horizontal displacement curve (b). 
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The presence of the structure, with its own stiffness, modifies the transversal settlement profile 
with respect to the greenfield conditions, producing a smaller curvature and, thus, a reduction 
in vertical deformation at the base of the structure (Figure 7a). On the other hand, an increase 
in the maximum vertical displacement is observed (i.e. +11.60 mm). This last result might be 
explained considering the relevant contribution given by the building own weight, which is disre- 
garded in the greenfield analysis. In order to demonstrate the self-weight contribution, an ancil- 
lary analysis is performed, deactivating the structure and substituting its submerged part with 
a soil volume whose density is conveniently increased in order to match the total weight of the 
building. This “modified greenfield” condition is also represented in Figure 7. 

In final conditions, given the small distance between the two tunnels, maximum settlements 
are larger than those obtained for a single tunnel (i.e. AS, max= +6.47 mm), indicating 
a certain level of interaction between the two tunnels (Figure 8a). 

Also, horizontal displacements in the soil are increased by the presence of the wall, when 
compared to greenfield condition, but they are not directly transferred to the structure thanks 
to the presence of interface elements around the buried portion of the wall (Figure 7b). In 
fact, a gap initially develops between the soil and the structure in the central part of the wall, 
progressively reducing its opening while distributing to a larger portion of the interface with 
the advancement of excavation works (Figures 7a, 8a). 


Slight 


Very slight 


Negligible 


Figure 9. Tensile strain distribution in wall A after a) #S and b) #S+#N tunnel excavations. 


Given the non-symmetric position of the #S tunnel with respect to the structure, the first 
settlements to develop are mainly concentrated on the left portion of the structure, resulting in 
a higher level of induced stresses and strains (Figure 9). The tensile strain plot coherently 
describes this phenomenon: the largest strain levels are located in the upper part of the wall, in 
vertical correspondence with the central axis of the first tunnel, for a maximum value of 
0.065%, corresponding to a ‘very slight’ damage level, according to the limiting tensile strain 
method modified by Son & Cording (2005). Furthermore, wall A is subjected to a tie-rod 
mechanism, generating in the structure purely shear stresses at mid height of the wall. 

The excavation of the second tunnel produces a further increase in the displacements and conse- 
quently in the strain levels of the bastion. Concerning wall A, the maximum settlements are con- 
centrated in the central portion of the wall (Figure 8a): in fact, #N tunnel is almost symmetric to 
#S tunnel. Tensile strains increase in the middle-top part of the wall, as #N tunnel passage causes 
an enlargement of the area affected by the construction. Therefore, the maximum tensile strain 
increases, from a maximum value of 0.065% after the first tunnel excavation, to a maximum value 
of 0.089%, after the second one (Figure 9). This strain level corresponds to a ‘slight’ damage 
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category for the aforementioned classification system, which indicates negligible effects on the 
structure. In fact, in terms of order of magnitude, these tensile strains are perfectly in line with the 
strain levels associated with environmental factors affecting masonry walls during their life cycle. 


6 CONCLUSION 


The undercrossing of the Fortezza da Basso by twin tunnels is investigated through 3D 
coupled structural and geotechnical numerical analyses (FEM) by adopting non-linear elasto- 
plastic models for the soil and the structure (HSSmall and Jointed Masonry Model, respect- 
ively). Tunnel excavations are modelled to recreate a surface volume loss of 0.5%, 
corresponding to an optimal settlement scenario for TBM-EPB tunnelling. 

From the numerical results it can be observed that the stiffness and self-weight of the struc- 
ture cause a variation in the settlements with respect to greenfield conditions. In particular, the 
presence of the structure is associated to a reduction in the curvature of the subsidence profile 
with respect to greenfield conditions. Conversely, the maximum vertical displacements 
obtained in the coupled analysis are larger than in greenfield conditions, but, as demonstrated 
by the “modified greenfield” analysis, this is due to the structure self-weight. In general, the 
excavation of the first tunnel causes a maximum tensile strain of about 0.065% at the upper-left 
portion of transverse wall A, while the second tunnel produces a further increase up to a value 
of 0.089% at the mid top of transverse wall A. According to the limiting tensile strain method 
and the classification proposed by Son & Cording (2005), the overall damage category of the 
structure is 2, corresponding to a slight intensity. The effects on the structure associated with 
this damage category are negligible and comparable to those exerted by common environmen- 
tal factors. In addition, it should be stressed that mitigation measures by injections and com- 
pensation grouting are also planned at the site and that, as such, the numerical predictions 
should be considered as conservative. The activation of compensation grouting will be based 
on monitoring data collected on the ground surface and on the masonry walls. More specific- 
ally, levelling with total station theodolite of vertical displacements in the ground as wells as 
robotic total station of 3D displacements in the structure will be collected and analysed during 
the tunnel excavations for a continuous comparison with attention threshold values. 
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ABSTRACT: The Saint Martin La Porte « SMP4 construction site » is the last exploratory 
gallery of the 57,5 km long TELT project. In 2017 the excavation works of Part 3b commenced 
using the conventional method. Part 3b is a 1,5 km long section of the south tube that crossed 
the Houiller Front, a Carboniferous formation characterised by squeezing ground behaviour 
with high overburden. This Paper describes the successful crossing of the largest fault zone 
encountered at Ch 10+600 during the excavation of the exploratory tunnel. This fault has an 
extension of about 80 m with high squeezing rocks composed mainly of fault gouge, coal and 
tectonized shale. This geological accident demonstrated the successful application of the most 
recent innovations in yield-control support systems applied to conventional tunnelling as a result 
of more than 15 years of research work on “squeezing rock” at the Saint Martin La Porte site. 


1 OVERVIEW OF THE LYON-TURIN PROJECT 


1.1 The Lyon-Turin project 


The railway project Lyon-Turin has a cross-border section with two railway stations in 
St. Jean de Maurienne and Susa and a twin-tube tunnel, 57.5 km long, called “Mont Cenis 
Base Tunnel”. The international section comprises two one-track tubes and also includes the 
excavation of three decline access tunnels (France), one adit (Italy) and 4 ventilation shafts 
(Figure 1). 

In 2015, a second additional exploratory phase was launched. The project owner, TELT, 
entrusted the project and construction management to Egis/Alpina S.p.A. and the works to 
a consortium of six contractors — three French and three Italian: Spie Batignolles TPCI (the 
consortium lead), Eiffage Génie Civil, Sotrabas, Ghella SpA, CMC and Cogeis SpA. During 
2022 this last exploratory gallery, located in Saint Martin La Porte, on the French side, was 
completed. The Saint-Martin-la-Porte 4 construction site (SMP4) is the last phase of twenty- 
years of studies carried out through access tunnel works which helped improve knowledge of 
one of the most complex alpine structures: the contact between the Sub-Briançonnais Zone 
and the Houiller Briançonnais Zone. 
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The goals in pursuing the exploratory works in this sector are numerous: 


— verify assumptions related to the geology; 

— specify the geotechnical data concerning the Houiller Carboniferous formation at the level 
of the Base Tunnel; 

— analyse the behaviour of the terrain crossed and the forces to be supported at the Houiller 
face and other areas; 

— consolidate the working methodology based on the ground conditions encountered; 

— test different sealing and/or terrain consolidation products in the complex areas. 


Susa 
Italian access -— 
Ventilation shaft Avrieux \ 


La Maddalena 


= By adit 
Lyon SO : A 
lel f Wa, mi Villarodin-Bourget / Modane 
7 EN adi e 
Saint-Julien-Montdenis =~. adit 
French acces Saint-Martin-la-Porte 
adit 


Figure 1. Tunnel Euralpin Lyon-Turin project. 


1.2 The SMP4 site Part 3b 


The SMP4 exploratory construction site can be divided into four parts. The main work is 
focused on parts 2 and 3b. Part 2 consisted in using a single-shield TBM to bore a 9 km explora- 
tory tunnel along the axis and at the diameter of the future South tube of the Base Tunnel. 
Part 3b concerned the excavation of a 1.4 km tunnel using the so-called “conventional” method 
[Gamba (2019)]. The excavation of part 3b started in 2016 at Ch. 10+150. In October 2019 
a second front was launched to achieve the break-through of the 1,4 km in 2022. In this paper 
we discuss the field data collected during face mapping; the approach for the excavation and 
support method suitable in these rock conditions; the final monitoring results and the applica- 
tion of the results on the future project phase for the tunnel excavation contract. 


2 GEOLOGICAL CONTEXT 


Part 3b of the Mont Cenis Base Tunnel crosses the contact between the Houiller Front and 
the Houiller Briançonnais zone, a Carboniferous formation, with an overburden of about 
700 m. Excavation took place in dry conditions. As described by Rettinghieri (2008) this zone 
is characterised by the presence of black schists, meta-sandstones, sometimes highly tecto- 
nized, intercalated by coal levels. The main schistosity is oriented from NE to SW with 
a variable dip between 30° to 70°. 

The complexity of this heterogenous formation demanded continuous advance probing that 
was undertaken with horizontal core or percussion drilling from the tunnel axis. The holes were 
overlapped for safety reason, with an overlap of about 20 m. During this phase an extended 
fault zone was identified at the end of borehole extensometer n. 15. Approaching Ch. 10+610, 
a campaign of boreholes was launched, and in July 2020 the fault zones were identified with an 
influence area of about 40 m minimum. Other boreholes permitted to define the orientation of 
the fault dip to E with 40° to 60°. The final geological synthesis is illustrated in Figure 2. 

The Houiller Briançonnais zone presents a highly heterogeneous, disrupted and fractured 
condition of the rock mass, which exhibits very severe squeezing problems and asymmetric 
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deformation of the tunnel face. At the level of the South Tube in Part 3b, the behaviour of the 
massif with the directions of major constraint is different compared to the SMP1-2 adit. There 
was important extrusion of the face which resulted in the systematic installation of 
30 m extrusometers with an 8 m overlap to identify a potential face collapse. 


Legend geological section (top view) 


O Meta-sandstone 


Geological legend of cores 


WA Black schist : 
Fault zone ` GB Foui Gouge BB Breccia + gouge 
4 A BB Fautt breccia BB Poce recovery 
r ‘& ll Fin meta-sandstone Bi cos 
/ S ‘ ios 
` ae 50 Ng % 


O Fractured meta-sandstone 


10590 10600 P `e., 10670 10639 10700 10710 10720 10739 
Y N9060 


Figure 2. Geological interpretative top view with boreholes simplified interpretation and fault limits. 


3 CROSSING THE GEOLOGICAL ACCIDENT IN FULL FACE 


The long experience of excavation of the Houiller Productif in SMP1/2 and SMP4, in particu- 
lar after the fault at Ch. 10+300, led to the development of an “abacus of support tools” 
based on the observational method and validated by a FE-3d back-analysis. As described in 
Triclot (2007), the encountered highly fractured Carboniferous rock mass with squeezing 
behaviour imposed the implementation of different ground support systems. 

The support system adopted to excavate Part 3b, known as the “light method” from Barla 
(2015), was chosen to maintain the desired clearance and to avoid the need for re-profiling. 
The support is installed in three phases, A, B and C with an ever-increasing rigidity. The main 
characteristics are the use of a support that yields to the ground constraints (convergences), 
provided by type TH steel sets with sliding connections, radial steel bolts as full-face support 
in phase A. In phase B at a minimum distance from the face, normally 25 to 30 m from the 
face, the support is adapted to the behaviour of the rock mass by excavating the invert and 
installing variable number of HiDCon elements (High Deformable Concrete) in between the 
TH steel ribs and aligned with their sliding joints, all of this being reinforced with a fibered 
shotcrete layer (Figure 3), carefully applied to ensure that the sliding joints are not comprom- 
ised. Systematic reinforcement of the rock mass behind the face was achieved by means of 
12 m-long grouted fiber-glass elements with an overlap of 6 m. 

Finally, when the radial convergence rate has stabilised, phase C, corresponding to 
a circular concrete ring, is implemented. 

Sometimes in presence of clayey ground a rigid “heavy method” was used that consisted in 
preventing ground deformation by installing heavy support systems such as HEB steel ribs 
and shotcrete. However, as we will see this system has a very limited use. 

The process to overcome the fault zone can be divided into 4 different stages. 


1. Reduction of the excavation section from 120 m? to 70 m? (reduced section: RS) or to 
32 m° (small section: SS) in very defavourable ground with different types of steel ribs. 

2. Reprofile to the final section (GS) of 120 m’. 

. Excavate the invert 25-30 m from the face with a second reprofile. 

4. Concreting of a final blocking ring, 400 mm thick, at least 6 months after the initial excava- 
tion to allow the majority of the convergence to occur. 


w 
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Figure 3. Typical profile applied in the case history. Different radial lines correspond to different 
AFR38 rock bolts installed (radial, at 45° and forepoling). 


3.1 Stage 1 — Change of section to reduced section and small section 


The behaviour of the massif during the reconnaissance phase showed a relevant radial deform- 
ation and extrusion of the face in the order of a centimeter which forced us, in agreement with 
the support tools developed by the contractor’s design office (BIEP), to reduce the excavation 
radius to the so-called reduced section over a length of 6 m initially, and then to the so-called 
small section to reduce all the geological risk of instability and the possibility to better control 
the deformation of the face thanks to the yielding support. In these particular geological con- 
ditions the mechanical excavation was carried out in segments of one meter length. 


3.1.1 Stage 1 — Reduced section 
The RS section type was a classical “heavy support” section excavated mechanically in hori- 
zontal steps of one meter due to the presence of significant fault gouges. This section was exca- 
vated between 21 August 2020 and 1 September 2020. The support is composed of HEB240 
steel ribs (R: 4.7 m) with radial (length 8 m) and forepoling (length 8 m) rock bolts and with 
a 40 cm thick layer of shotcrete (Figure 4). This type of support was used between Ch.10+611 
and Ch. 10+617. No inverted is installed. 

The geological conditions encountered, associated to the face extrusion, imposed 
a reduction of section with an adaptation of the plant used during the excavation cycle. 


3.1.2 Stage 2 — Small section 

The Small section (SS) was excavated between Ch. 10+617 to Ch. 10+681 from the 18 Septem- 
ber to 21 December 2020. The mechanical excavation in the SS was carried out in segments of 
one meter length with an ITC 120N tunnel heading and loading machine. 

The support system consisted of systematic radial and 45° rock bolts (length 6 m), TH36 
steel sets with sliding joints (R: 3.15 m), forepoling rock bolts (length 4 m), installation of the 
invert at a distance adapted to the behaviour of the phase A support and the installation of 
HiDCon deformable elements (Figure 5). 

During this phase, at a distance of 10 m from the face, radial convergences of 300 mm was 
observed with the formation of cracks, and occasional expulsion of HDC elements. 

At Ch. 10+681 a borehole confirmed the end of the fault zone, observed also with a better 
RMS and GSI in the full-face mapping. 
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Figure 4. View of the reduced section with HEB240 excavated in horizontally stepped face. 


Figure 5. View of transition between phase A and phase B in the small section. 


3.2 Reprofiling to final section 


The phase of reprofling to the final section (GS), started on 21 January 2021, took six months 
and was carried out in segments of one meter in length with the same phasing as the small 
section. The support system consisted of the systematic application of a 5 cm shotcrete layer, 
radial and 45° AF38 rock bolts (length 8 m), TH36 steel sets with sliding joints (R: 6.37 m) 
and forepoling rock bolts (length 8 m) (Figure 6.) 


3.3 Invert and phase B 


In the final section the invert is installed at a distance of 25-30 from the face. Due to the significant 
radial convergence encountered in this fault zone that caused plastic behaviour of the TH ribs, 
a systematic replacement of steel ribs was required before the excavation of the invert and the 
application of a 25 to 30 cm shotcrete layer with 8 longitudinal slots fitted with HiDCon elements. 


3.4 Final concrete lining 


The last phase, phase C, consisted in the installation of a formed concrete ring when the rate of 
convergence had reduced sufficiently. This phase took place after the breakthrough of Part 3b 
in April 2022 with the use of two formworks, one for the invert and another for the crown 
(Figure 7). 
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Figure 6. Phase of full-face excavation during the reprofiling of the SS. This photograph shows the 
phase A flexible support system. 


According to the contract requirements, the final radius of the concrete ring was designed 
to 5.30 m with a minimum concrete thickness of 400 mm. In the 1.4 km of part 3b 8 concrete 
rings of different lengths were installed. According to the results of convergence monitoring in 
the fault zone at Ch. 10+610, a concrete ring was constructed from Ch. 10+580 to 10+710. 
Due to the total diametrical convergences that exceeded 900 and even 1200 mm, a phase of 
partial reprofiling was carried out in the invert before the implementation of the concrete 
blocking ring. The blocking ring is equipped with instrumented sections (strain gauges) and 
optical sights to monitor the evolution of the tunnel and obtain information to model the 
tunnel final lining in 200 years. 


Figure 7. Concreting of the blocking ring in the fault zone. 


4 DEFORMATION MEASUREMENTS AND GEOTECHICAL MEASUREMENTS 


Several phenomena and deformations were observed on the support right from the first surveys. 
For these reasons a reinforced convergence monitoring system was installed with a section every 
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3 to 5 m. Specific monitoring was carried out to see how these deformations evolved and to esti- 
mate the strain levels by installing in each type of section: 


— Inverted borehole extensometers during full face excavation, 

optical prism sections, 

— multipoint borehole extensometers, 

— Strain gauges on the shotcrete, pressure cells between compressible blocs and shotcrete line 
and wire extensometers installed on the yielding blocs. 


In the blocking rings, constructed between May and August 2022, the monitoring system is 
composed of: 


— optical prisms sections every 10 m, 
— strain gauges on the concrete lining. 


4.1 Results and analyses of monitoring 


As described above, the fault zone from Ch. 10+610 is characterized by strong radial conver- 
gences in all the phases. In the RS the total rate of radial convergence is about 80 to 100 mm 
on HEB steel ribs with evidence of plastic behaviour and continuous extrusion of the face of 
120 to 240 mm. The area of influence of the excavated face was estimated to be 14 m. 

In the SS the total rate of radial convergence was about 250 to 350 mm in the fault zone with 
face extrusion of 120 mm. The area of influence of the excavation was estimated to be between 
9 and 11 m. The behaviour of the rock mass was asymmetric with a strong deformation of some 
HiDCon elements and cracking. The wire extensometer at Ch. 10+629 measured a displacement 
of 118 mm. The same deformation was observed in the GS where phase B absorbed the max- 
imum deformation measured in Part 3b. At other times the development of vertical tension 
cracks and the expulsion of some retaining plates of AF38 bolts was observed. 

Before the concreting of the blocking ring, in the final section, the total rate of radial con- 
vergence with the maximum deformation recorded on the D3 string is of 900 to 1200 mm. In 
Table 1 the synthesis of convergence monitoring in GS is presented, different lines indicate the 
rate of deformation (mm) in different moments and distances from the face. The strain gauge 
on the shotcrete measured a maximum stress value up to 23 MPa in the crown and 33 MPa in 
the invert at Ch. 10+630. The evidence of cracks and expulsion of HDC is observed particu- 
larly between Ch 10+620 and Ch. 10+660. The wire extensometer at Ch. 10+678 measured 
a displacement of 225 mm. 

All these data confirmed relevant squeezing rock behaviour with a tendency to stabilize 
over a long period of time. The concreting of the blocking ring started when the residual con- 
vergence speed had reduced to less than 0.5 to 1 mm per day. 


5 CONCLUSION 


This paper presents a relevant example of how to cross a fault zone in critical conditions, by 
successfully applying a well-established method developed during more than 15 years of work 
with SMP1/2 and SMP4. 

Once again, the application of the interactive observational design approach was essential 
for achieving excavation in this type of conditions. The geotechnical and monitoring data 
obtained are fundamental for studying this complex zone and improving the method. In add- 
ition, the geological conditions encountered in the South Tube will be encountered during the 
excavation of the North Tube by the next contract, CO7. The key to the successful application 
of the 4-phased excavation approach is to find the optimal timings and distances from the 
face, including the concreting of the phase C blocking ring to guarantee the support system 
for the period defined by the contract. 

After this extended fault zone, no further relevant geological accidents were encountered 
during the excavation of part 3b. But, if we consider the geological context and the total rate of 
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Tab 1. The total rate of convergence cumulated in GS, the fault zone is indicated by the thick rectangle. 


diametric convergence that exceeded 1200 mm, it is only thanks to the lessons learned during 
the geological accident of Ch.10+300, described by Festa (2020), and the capacity to rapidly 
adapt the type of profile were we able to overcome this geological and technical challenge. 
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Grand Paris Express line 16-1: Difficulties of mining under a rail 
junction into a steel bell 


L. Carlos, F. Grisel & G. Pini 
Eiffage Genie Civil, Paris, France 


ABSTRACT: The Line 16 Section 1 is the biggest section of the Grand Paris Express pro- 
ject. It involves the construction of 19 km of news tunnels and five stations over a period of 6 
years. The most complicated and important station to be built, named Saint Denis Pleyel, will 
serve the line 14, 15, 16, 17, 18 and RER D. It is locate next to the busiest rail junction point 
in Europe, which is composed, of 43 tracks used for high-speed trains, regional trains, over- 
ground metro, commercial trains and parking. The TBM-2B, focus of this study, mined under 
this rail junction at a depth of 22.5 meters without any interruption allowed and limited settle- 
ment. A 16 meters long steel structure was installed inside the station in front of the dia- 
phragm wall to allow the TBM to enter the station without any water infiltration. 


1 INTRODUCTION 


1.1 Line 16 of the Grand Paris Express 


The Grand Paris Express project is the largest infrastructure project to be built in Europe today. 
It includes the extension of an existing metro line and the construction of four new lines, for 
a total of more than 200 km of fully automated metro lines. The lot 1 of the line 16 is the largest 
lot of the entire Grand Paris Express, reaching nearly 2 billion euros in value. It includes 19 km 
of new lines (14, 15, 16, 17) excavated using six different tunnel boring machines (with different 
diameters) at the same time, and five new stations. The article focuses on the particular subject 
of the crossing of the Saint Denis Pleyel station, by the TBM-2B, baptized Sarah, EPB manufac- 
tured by Herrenknecht with an outside diameter of 9.87 m. This machine leaves from the city of 
Aubervilliers to Saint Ouen, for a 2.35 km tunnel of the line 15 of the Grand Paris Express. 

Work began in 2018, and should be completed for the 2024 Olympic Games. When the 
TBM2B crossed Saint Denis station, 17.5 of the 19 km had already been dug, six of the eight 
sections of tunnel to be built were completed. Installation of rails and lines is underway on 
almost all sections. Four stations have already been dug and the fifth is only awaiting the end 
of the digging of the tunnel to be finalized (demolition of the segments). 


Figure 1. Project plan. 


DOI: 10.1201/9781003348030-217 


1804 


1.2 Crossing of Saint Denis PLEYEL station by the line 15 Sarah tunnel boring machine 


As part of this project, the Saint Denis Pleyel station (SDP) is crossed by 3 tunnel-boring 
machines from East to West at a depth of 23 meters and 15 meters under the water table. The first 
two tunnels sections were built before the station was fully excavated. One was for the extension 
of line 14 and the other one for line 16 passed respectively in February 202land May 2021. The 
third tunnel is the subject of this article, completed by the Sarah tunnel-boring machine, for the 
construction of one section of line 15. It was completed after the excavation of the station so the 
TBM had to cross the station instead of simply mine through (September 2022). 


Figure 2. Plan of the SDP station. 


1.3 Surrounding context 


The SDP station is the most complex and important station to be built in the line 16 project. 
It will serve lines 14, 15, 16, 17, 18 and the RER D. It is right next to the busiest railway junc- 
tion in Europe (Faisceau du Landy) which consists of 43 tracks used for high-speed trains, 
regional trains, aerial metro, commercial trains and parking. The maximum settlements 
observed combining the construction work of the station and the passage of the three tunnel 
boring machines are between 2-3 mm, and only a point at 10 mm was observed on a rail. 


1.4 Geological 


The geology of ground where the tunnels are located is mainly composed by very fine clayey 
sand (0.1/0.5 mm) named “Sables de Beauchamp”. The thickness in the stratigraphy is gener- 
ally between 10 and 12 m but it can locally reach or exceed 15 m. This sand can be locally 
gresified. At the foot of these sands, we can find Marls and Stones formation named “Marnes 
et Caillasses”, which are crossed only discontinuously, generally in a mixed front by the tun- 
nels. Limestones compose the upper section of the geology. This stratigraphy is also crossed 
for few meters always in mixed face. 


Figure 3. Geological section of the SDP station. 
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2 CONSTRUCTIVE METHOD 


2.1 Saint-Denis Pleyel station (SDP) 


Saint-Denis Pleyel station is formed by a diaphragm wall enclosure, of variable thickness and 
type depending on the area: 1.50 m in the common area, 1.80 m locally in the tunnels areas. 
Its inner dimensions are 77 m in width (North-South direction) and between 80 m and 
121 m in length (East-West direction). 

The 35-meter-deep station consists of a cover slab serving as a distribution slab supporting 
the emerging building and the forecourt surrounding it, three intermediate levels and 
a platform level. The internal structures of the deep box are made using the “Top-Down” 
method. The first two tunnels of lines 14 and 16/17 were mined before the full excavation of 
the station. The Sarah tunnel boring machine going from east to west is only tunnel crossing 
the station once already excavated. 


2.2 Passage of the tunnel-boring machine under the Landy railway junction 


The Landy rail junction is over 300m wide with a more critical section of around 200m where 
these rails are in use (intense use for the first 11) and the remaining 100m are used for main- 
tenance, diversion or parking. The planning of the excavation had to be adapted in order to 
best ensure the uninterrupted passage of the tunnel-boring machine under this critical zone. 

For this reason, a complete intervention was carried out on the cutting head in hyperbaric (1.6 
Bar) before arriving in the area, to replace high-pressure nozzles, cutting discs, tools and wear 
sensors. A thorough cleaning of the cutter head was also performed to minimize the likelihood of 
applying overpressure to the front end due to clogging, increased friction due to worn outer discs 
and other mining emissions that would not have permit to operate under the rail junction with 
reduced settlement. A complete maintenance of the machine, as well as the extensions of the con- 
veyor belts, high voltage cables, were made in order to make the crossing more reliable. To facili- 
tate progress and reduce the risk of settling, bentonite pressure was maintained around the shield 
at the same soil pressure +0.2 bar. Rigorous monitoring of the excavation parameters and real- 
time adaptation, made it possible to reduce the settlements below the calculation values. The 
measured settlement values remained below 4mm all along the Landy Rail junction. 

For surface monitoring, several points were installed on each rail and continuously moni- 
tored using a network of total stations, strain gauges. This made it possible to always be up to 
date if the settlement increased or appeared, and helped to adapt the parameters if necessary. 


2.3 Arrival device of the Sarah tunnel-boring machine 


The arrival in a previously excavated structure/station of a tunnel-boring machine is a delicate 
operations. In non-cohesive soils, under the water table in particular, the flow forces generated 
towards the face are particularly destabilizing, which is the case of our heavy water loads, and in 
soils with low grain size and low cohesion, such as the fine sands of Beauchamp. In order to 
ensure the success of the operation, respect the particularities of the site, and the project schedule, 
in particular with the commissioning of the station for the Paris 2024 Olympic Games, various 
solutions have been studied. 


2.4 External diaphragm wall boxing 


Given the central position of the new metro station, the solutions to get the tunnel-boring 
machine out without any water ingress were limited. The construction of a d- wall box was 
impossible, because the rails of the Landy were only a few meters away. 


2.5 Ground treatment 


The geology of Les Sables de Beauchamp makes it very difficult to treat, the only possible 
solution is Jet Grouting. The presence of the multiples railway tracks in the area would imply 
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the realization of this treatment from the construction site using inclined columns, for 90% of 
them. The risk of deviation of these inclined shots does not guarantee a good success of this 
type of treatment. In addition, injecting grout at 400 bars next to a railway junction comes 
with a high risk of causing the rails to lift, and a risk of cement grout coming out in-between 
the tracks. For these reasons, this solution was not adopted. 
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Figure 4. Example of a Jet Grouting plug. 


2.6 Lower down the water table (pumping system) 


A simple pumping system from the surface would have been effective but it would have cre- 
ated a cone of depression for the water table with consequent settlement of the surface. 


2.7 Flooding of the station 


This solution of flooding was adopted for the extraction of the tunnel boring machine TBM-1 
on the line 14 of the same project just few meters away from the site. It was carried out suc- 
cessfully, however the filling up of the SDP station with water was not possible because of 
four other tunnels which were already open and the installation of the rails in progress. 


2.8 Seal structure 


The seal structure (length of 2 meters), consisting of a metal ring fitted with one or more 
rubber seals, is a technique usually used for startup, but can also be used for breakthrough. 
For high water pressures as on this case, and closeness to sensitive areas, this solution would 
require a minimum of treatment of the ground on the external side. For these reasons, the 
method remained risky. 


2.9 Concrete airlock inside the station 


This solution was the one adopted during the design of the project. It was not retained in exe- 
cution, although less expensive, because dismantling a reinforced concrete structure would 
have been too long, riskier and more difficult to repair in the event of a leak. The position of 
the station being critical, no risk could have been taken. 


2.10 Watertight steel structure (Steel bell) 


The watertight steel structure allows rapid assembly and disassembly, easier repair in case of 
water leaks, possible reuse, although assembly difficulties inside the structure are numerous. 
The very tight construction schedule for the tunnel and the station made this solution the 
chosen one. The dismantling of this false tunnel happened directly after the arrival of the 
tunnel-boring machine in order to let the construction of the metro station continue during 
the excavation of the remaining portion of the tunnel. 
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3 METHODOLOGY OF REALIZATION 


3.1 Material description 


The structure of the steel bell is 14.50 meters long and 11 meters in internal diameter, consist- 
ing of six arches of 2.40m. It is supposed to recreate the conditions of the ground for the TBM 
to move through. A space between the TBM and the bell was to take into account the guiding 
tolerances. To close the steel cylinder, six plates are bolted to the last arch and to the bottom 
slab on the lower part. Two beam composed of three HEB900 connected to two kickers keep 
the closing steel face in place. The main thrust frame is supported on the slab by means of 
four hydraulic cylinders of 410 and 220 bars, instead of sandboxes. The capacity of these jacks 
and the hydraulic pressure have been calculated so as not to damage the structure of the bell 
during drilling and thus to limit the risk of leaks at the joint and wall contact. 


Table 1. Pressure table of bell cylinders. 


Reference pressure Working Maximum values Breaking 

(assembly phase) pressure allowed point 
Lower cylinders 150 bar 345 bar 410 bar 615 bar 
Kickers cylinders 50 bar 220 bar 220 bar 330 bar 


3.2 Installation phasing 


3.2.1 Assembly of the bell 

The installation began with the preparation of the surface of the diaphragm wall, the coring 
for the fixing bolts and the coring of the slab for the anchors (and their installation with 
quick-setting cement). 


Figure 5. Coring of slab and walls for anchors (left) and lifting operation of the first arch under slab (right). 


The first arches were assembled on the surface and lowered one by one at the foot of the station. 
A 110T crawler crane at the bottom of the station allowed them to be put in place one by one. 

The structure of the station made a rigorous study of the phasing of transport lifting and instal- 
lation, as well as the adaptation of the crawler crane to allow the handling of these elements in 
such a tight site, needful. All lifting operations underground were under the intermediates slabs. 


Figure 6. Details of watertight joints. 
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Particular attention was given to the complexity of the seals to be put in place between 
each metal element of the bell, and a rigorous control of the tightening of the bolts was car- 
ried out at each stage, with a complete control at the end of assembly. The joint between the 
diaphragm wall and the bell was made of reinforced shotcrete including several seals supple- 
mented by hoses for the injection of sealing resin. The watertight junction with the bottom 
slab was assured by installing a set of two hydro-expanding seals and the filling the void 
with mortar (with no shrinkage). 


3.2.2 Filling up the bell and pressurizing 

The choice of material to fill up the structure was complicated as it had to be soft enough to 
be mined but hard enough to hold water pressure and not become mud once mixed inside the 
chamber. Several test were completed by changing the dosage of bentonite, plasticizer, cement 
and water content. The rest was a mix of sand and filler. The final mix was: 


Table 2. Fill mix for the steel bell. 


Supplier Ingredients Dosage (kg/m?) 
Lecieux Sand 0/4 1260 

Cimalux Ciment II/A-s 42,5 N 22 

Laviosa Bentonite 22 

Distrivrac Fillinox 70 

Omya Maxey betocarb 120 

BASF BASF MasterEase 2000 2.6 

III Water 280 


The water content in the mix was kept then to a minimum to facilitate transportation (in 
order to load more) and then modified while being pumped. The first phase of filling up was 
complete before closing the structure using cement at 5% mixed with gravel. This was to guar- 
antee a good foundation for the tunnel-boring machine upon its arrival. 

Prior to start the second phase, the bell was tested for major leaks by filling it with smoke. Once 
this test had been carried out, no major waterproofing faults were remarked so filling resumed by 
pumping 850 m3 of a mortar specifically designed and manufactured by the batch plant. 


Figure 7. Overview of the full assembly of the steel bell. 


The last 200m3 were filled with water in order to have a space for the material to move in 
case of overpressure while mining through. 

During all the process of filling up the structure different optical sensors were installed and 
monitored with high frequency in order to determine the deformation of the different phases. 
As the materials was filling up the structure, an ovalization was observed. This behavior obvi- 
ously opened the way for new water leaks but it was expected and treated. 
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3.3 Breakthrough and TBM entry inside the bell 


Once the steel bell was filled, the leaks fixed, the pressure was increased 0.2 bar over the 
mining pressure of 1.2 bar simply by adding more water. When the situation stabilized, the 
water valve was kept open just enough to balance the unrepaired leaks (10 m3/h). 

The TBM could then begin to excavate the diaphragm wall at a reduced speed of 2mm/min 
and rotation of 2.6 to minimize penetration and pushing effort. 

During the mining phase through the wall, a special foam with a concrete retarding agent 
was used to prevent the cement from reacting again and blocking the cutting discs. 

In addition and during the interruption phases, we extracted approximately 20m3 of ground 
and replaced it with high-density bentonite in order to lubricate the cutting head to reduce the 
reaction time of the concrete of the diaphragm wall. The quality of the bell’s fill material, 
extracted during excavation was good, turning into a mud that was easy to extract but difficult 
to manage with the TBM belt. The bell’s water balance valve was kept open throughout the 
mining phase inside it in order to guarantee the balance of pressures between the bell and the 
aquifer. This solution made it possible to limit heaps, avoiding the circulation of fines from the 
ground towards the bell. In addition, and in order to ensure good sealing, as the TBM pro- 
gressed, water-reactive resin was injected from the bentonite’s ball valves of the shield, in order 
to create a cut off from the inside to outside the station. 


Figure 8. Details and position of the bentonite valves of the shield. 


During the excavation, the position of the bell and its shape remained under topographic 
measures; the maximum deformation which was observed was 20mm (acceptable compared to 
the calculation model). 

At the end of the excavation in the bell, a full steel ring was installed on the inside of the station, 
in order to allow the TBM to advance enough to inject behind the last concrete segment before 
depressurization of the bell. The use of a metal ring (instead of a concrete one) has simplified its 
removal. The use of a full ring allowed being able to guide the TBM better and keep it straight. 


Im) eam) hom 


Figure 9. Section view of the arrival of the TBM inside the steel bell. 


3.4 Dismantling phase 


After the 24-hour rest period, a full ring of water-reactive resin injections was performed on 
the last ring (one injection point every 150 cm at an average of 22 kg per point) to ensure 
water cut between the station and the water table. Once this work was completed, tests were 
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carried out to check if the interior of the bell was not connected to the outside (watertight). 
The water inside the structure was removed, lowering the pressure by 0.1 bar every 10 minutes. 
No leaks were detected (no increase of pressure). Once the water level was below the access 
gate at 12 o’clock, a visual inspection was carried out. 

Once verified the absence of infiltration, the remaining material inside the bell was evacu- 
ated, using the screw. The dismantling of the bell could then start with the successive removal 
of the retaining frame and the closing elements (plates). 

The door being completely dismantled, the various arches constituting the false tunnel, were 
deposited one after the other, using the crawler crane (110T) towards the station opening, 
where these were lifted to surface to be dismantled and evacuated. Once the bell has been 
evacuated, the tunnel-boring machine continued its crossing of the station in a classic way, by 
sliding on metal rails and successive installation of reinforced concrete base segments. 


4 LESSON LEARNED 


4.1 Filling material 


As the tunnel-boring machine arrived inside the bell it started to excavate the filling material 
and evacuate it. This operation became more difficult as it started to mix with the water inside 
the bell. This phenomenon could reduce by the use of the purge valves located at the top of 
the chamber, allowing both extracting part of the water and compressing the remains of 
material inside the bell. We have retained that it is necessary as soon as the diaphragm wall is 
passed, to use this purge valve. Also, fill the structure above, up to 95% with backfill material 
(impermeable) in or-der to minimize the amount of water on the upper part. 


4.2 Sealing of the bell 


During our tests, it was noted that following the strong deformations due to the pressuriza- 
tion, deformations between certain metallic elements, caused leaks. An increase in assembly 
bolts (double rows) seems necessary to us. The connection between the bell and the dia- 
phragm wall is also a sensitive point, and despite the use of cylinders to pressurize the bell 
against the diaphragm wall, we found leaks that had to be managed by injection of aqua- 
reactive resins, this point remains to be reworked to make this interface sealing more reli- 
able. Work on these seals would save time. However, the use of mono-component foam as it 
was made has proven to be a very efficient solution at a reduced price (quantities being 
limited, 200/300kg) 


4.3 Guiding of the TBM 


After building the last concrete ring, in order to fully extract the shield from the ground it was 
necessary to build an additional ring inside the shield (decided to be a steel ring to facilitate 
the dismounting phase) to advance the TBM two meters more. At first, only the lower part of 
this ring was mounted due to the limited pressure at the front (1.0 Bar) and the reduced quan- 
tity of fill up material (75%). However, as the TBM started to advance, the tendency of the 
shield to move up increased rapidly and the tail shield friction started to increase. At first two 
additional segments were installed (5 on 7) in order to uses also the cylinder on the top-sides, 
but then due to the risk involved, the steel ring was fully mounted. This allowed recovering 
rapidly the good inclination and unblocking the tail without finding the TBM too high. The 
lesson learnt was that while mining inside a seal structure (if not emptied), it is needed to 
always push against a full ring (until the very end) in order to guide the TBM properly. The 
time needed to do so is limited but the absence of risk is important. The only thing to keep in 
mind is to unmount the top part of the ring just before (or after comparing to the length of 
the erector beam) the tails exits the ground, because if the TBM advance too much it will be 
hard then to unmount it without using the erector. 
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5 CONCLUSION 


Careful planning of the tunnel boring machine maintenance, detailed analysis of the digging 
parameters and their adaptation to the evolution of the geology, made it possible to excavate 
under the riskiest part of the rail junction without settlement greater than 4mm. The choice to 
install a waterproofing structure inside the station instead of Jet Grouting or other soil treatment 
solutions proved to be the best solution. It allowed a safe breakthrough of the tunnel-boring 
machine inside the station without additional settlement to the rails of the junction; as well, it 
allowed respecting the quality standards of the work in compliance with the project schedule. 
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Challenges in the construction of a tunnel under crossing a channel 
in Singapore 


Z. Chen, T.Y.S. Chew, C.W. Wan & D. Loh 
Water Supply (Network) Department, PUB, Singapore 


ABSTRACT: To increase the conveyance capacity to Western Singapore and to meet long- 
term water needs in a more cost-effective manner, four new transmission pipelines consisting 
of 2 numbers of 2200 mm diameter and 2 numbers of 1200mm diameter water pipes will be 
needed by 2024 to convey water from a Water Reclamation Plant to existing networks in the 
western region of Singapore. Out of the several possible routes studied, the most cost-effective 
and technically feasible route was selected by laying the proposed 1.6km-long pipelines that 
under crosses a channel via a 6m diameter subsea tunnel. This paper outlines the challenges 
the team faced throughout the project thus far. It also examines the difficulties such as the 
construction of a 56m-deep launching shaft near a highly sensitive 700mm diameter Gas 
Transmission Pipeline (GTP) and at a location with high groundwater; and manpower and 
supply disruptions caused by the COVID-19 pandemic situation 


1 INTRODUCTION 


1.1 The role of Public Utilities Board (PUB) in Singapore 


Singapore is small, heavily urbanized island city state in southeast Asia and is situated close to 
the equator with a total land area of approximately 728.6 km? and a population of 
5.45 million in 2021. It is a land scarce country where buildings are compact, built taller with 
increasing development of subterranean spaces to house utility infrastructures. 

The PUB is a statutory board under the Ministry of Sustainability and the Environment 
(MSE) of the Government of Singapore. As Singapore’s National Water Agency, PUB regulates 
and oversees Singapore’s water needs through the supply of potable water, the reclamation and 
treatment of used water, and the management of storm water. To this end, the PUB also ensures 
that there is diversification and a sustainable supply of water for Singapore via the Four 
National Taps viz, local catchment water, imported water, NEWater (NW) and desalinated 
water. NEWater (NW) is treated from wastewater (used water) into ultra-clean, high-grade 
reclaimed water primarily used for wafer fabrication plants for their production process. 


1.2 Project objectives 


Jurong Island is an island located to the southwest of Singapore. It is the heart of Singapore’s 
chemical and energy industry, acting as the operational base for leading petroleum and petro- 
chemical companies (Lim, 2016). To support the future water demand in Singapore and the 
development and growth of industries on Jurong Island for long term needs, the Tuas Water 
Reclamation Plant (TWRP) is currently under construction, to treat the used water, from the 
western part of Singapore, into NW and Industrial Water? (IW) before being supplied to exist- 
ing water networks. 

During the feasibility study, 4 pipeline routes (Route A, B, C and D) were studied as shown 
below, to determine the most feasible route for the conveyance of NW and IW to the indus- 
tries in Jurong Island and western parts of Singapore. 


DOT: 10.1201/9781003348030-218 
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Figure 1. Overview of the 4 national taps in Singapore (Source: Presentation on Singapore’s voluntary 
national review at the UN high level political forum on sustainable development - Mr Masagos Zulkifli, 
Minister for the Environment and Water Resources, 2018). 


Figure 2. Overview of the different pipeline routes during feasibility study. 


1.3. The most feasible pipeline route 


Thorough site investigations which include topographical surveys and trial trenches were carried 
out to assess the feasibility of the proposed routes. Route C was determined as the most cost- 
effective route due to minimal land acquisition and services diversion. It runs from the proposed 
TWRP to Jurong Island via the West Jurong Channel under the seabed and eventually connecting 
to the existing network at Jurong Island Highway. It was also decided that the 4 numbers of pipe- 
lines (2 numbers of 2.2m diameter and 2 numbers of 1.2m diameter) will be housed inside a 6m 
diameter bored tunnel to reduce the risk of pipe jacking 4 separate pipes underneath the seabed. 


1.4 Alignment and design of the 6m diameter tunnel and shafts 


Subsequently, after detailed study and consultation with the relevant authorities, it was revealed 
that there is a 700mm diameter Gas Transmission Pipeline (GTP), encased in a 2m diameter pipe, 
that crosses from the proposed TWRP site to Jurong Island. As such, the 6.0m diameter tunnel 
has to under cross the GTP at two locations that are under the seabed. Based on the as-built 
drawing, the GTP is located about 10 meters below the seabed as shown in Figures 3 and 4. An 
impact assessment was then carried and confirmed the GTP’s response to any ground movement 
caused by the tunnelling works, with a 12 meters clearance, is expected to be within limits. 

In addition, to optimize the land use at both the launching shaft (@ Jurong Island) and 
receiving shaft (@ TWRP), both shafts must be located close to the shoreline. However, this 
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will give rise to additional risks during construction as both shafts are located in a reclaimed 
area where the topsoil is filled with approximately 18m of sand with overlaying soft marine 
clay and silt stone which is the backfill material for land reclamation. As such, a high-water 
table level and stronger inflow of groundwater is expected in these areas during 
construction. 

In addition, for the stretch of the tunnel that is to be laid about 30m inland on Jurong 
Island, the tunnel has to be designed to withstand a surcharge load of 75kPa to cater for any 
future development around this area. 


Receiving Shaft 2m dia pipeline with 
TWRP 700mm GTP encased 


Sgt SEA 


PUB’s 6m sub- 


sea tunnel 
SEA 


Launching Shaft 


JURONG ISLAND 


Figure 3. Site plan of the tunnel alignment and crossing underneath the GTP. 


Receiving Launching 
shaft 


z Rock level 


Site at 
TWRP 


Figure 4. Longitudinal section of the tunnel alignment and under crossing the GTP. 


2 CHALLENGES AND SOLUTIONS 


This paper highlights both the technical and non-technical challenges, as well as solutions, in 
the planning and development of this tunnelling project to ensure the project is completed on 
time and in a safe manner. These challenges include the: 


a) technical aspect of having an appropriate design and construction method to prevent any 
damage to a highly sensitive GTP; and 

b) impacts of Covid-19 pandemic situation which posed an unprecedented non-technical 
challenge. 


1815 


2.1 Technical challenges 


2.1.1 Risk of affecting the 700mm diameter GTP 

The GTP is a critical infrastructure, managed by the SP Group, a private electricity and gas 
distribution company in Singapore (SPGroup, n.d.). This pipeline transports nearly 50% of 
the required total demand of the natural gases from Jurong Island to other parts of Singapore. 
As such, any damage to the GTP would result in dire consequences on public safety as well as 
disruption of gas supply to major parts of Singapore. 
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a Island 
\ Š 4 <ý n: 
6m dia tunnel JE = Ss es | 
J; Nina 
———'} DIA 21m eS —— 
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Sea Ya - pon A | M 
JW 


Figure 5. Plan view of the GTP alignment and launching shaft. 


As the GTP is only 18 meters away from the launching shaft (Figure 5), it falls within the 
influence zone of the excavation works of Earth Retaining Stabilizing Structure (ERSS) for 
the shaft. As such, the installation of ERSS will be subject to the SP Group’s design require- 
ment of a relative differential settlement of 0.172% (1:580) and a maximum absolute settle- 
ment of no more than 50mm. To avoid breaching these settlement requirements arising from 
the construction of the shaft, control measures such as the action level and work suspension 
level, for monitoring and checking the performance of the ERSS at all stages during the exca- 
vation works has been set. If the monitoring trends are approaching the action level, works 
shall be stopped, and immediate measures shall be implemented to alleviate any risk or 
damage to the GTP. 

On the other hand, both launching shafts and GTP are being located about 30 meters from 
the shoreline with a high ground water table (water detected at 3.0m — 3.5m below ground 
level). Any sudden change in groundwater level at the soil near the GTP would likely cause 
significant differential settlement to the GTP and expose the risk of pipe failure at its joints. 
This would likely cause the GTP to yield, damage and crack. Considering the above, soil/ 
ground improvement works have to be executed reduce potential loss of water content during 
excavation. This is the key consideration for the construction of the launching shaft so that to 
comply with the SP Group’s requirement in a safe manner. 

Therefore, after extensive studies on the design and to minimize the construction impact to 
the GTP, the diaphragm wall construction method was adopted over other various ERSS sys- 
tems as it would create less vibration and soil movements to the GTP. 

Construction joints are unavoidable for concrete construction. The joints of any concrete 
construction always mean a break in the material-continuity (Tamas & David, 2011). As the 
diaphragm wall needs to be water-tight, these joints are potential area for water ingress of 
groundwater from the surrounding soil into the shaft. The water ingress will lead to 
a drawdown of groundwater and would cause the GTP to settle as mentioned earlier. To 


1816 


ensure watertightness of the shaft, the diaphragm wall system was designed comprising of 16 
panels to form a permanent water cut — off between the surrounding soil and excavated shaft 
area. This means there will be only 16 construction joints for the entire 21-meter-diameter cir- 
cular shaft. Comparatively, if other ERSS systems were to be deployed, e.g. Contiguous 
Bored Pile (CBP) or Secant Bored Piles (SBP), there would have been more than 70 joints and 
the chances of ground water seepage through the joints would have been humongous. In add- 
ition, all these 16 stop-end-joints were installed with rubber water-stops. This rubber water- 
stops further enhanced the formation of continuous watertightness between adjoining panels 
and therefore provided structural soundness and stability to the surrounding utilities. 


2.1.2 Risk of groundwater ingress into the shaft 

Jurong Island is a man-made island formed through successive land reclamation works that 
joined up several offshore islands (Lim, Singapore Infopedia, 2016). The launching shaft is 
situated near the shoreline of Jurong Island which consists of sand at top layer and sediment- 
ary rock formation (which is mostly fractured rock) at the bottom (Figure 6). 
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| 
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Figure 6. Cross section of soil profile at the launching shaft (Defense science and technology agency, 
2009). 


Whilst the diaphragm wall cuts off the water ingress from the perimeter of the shaft, there is 
still a possibility that groundwater might seep through the fractured rocks from the base of 
the shaft. Therefore, to overcome this potential issue, soil improvement works using Jet 
Grouting Pile (JGP) was carried at the shaft area prior to the excavation (Figure 7). This JGP 
inject a grout (a method of soil stabilization by single fluid jet grouting system where a high- 
pressure stabilizing fluid of cement mixed with water) which will fill up any of the discontinu- 
ities and joints in the rock, reducing permeability and also control the ingress of groundwater 
into the shaft (The Constructor, n.d.). The post-Lugeon tests showed that the fractured rocks 
are effectively filled up with grout as the hydraulic conductivity of the base of the shaft and 
grouting block is lower than the requirement of one lugeon value (1x107 m/s). (Lugeon test is 
an in-situ testing method used to estimate the average hydraulic conductivity in rock mass.) 

At the same time, the pumping test also recorded that the extrapolated groundwater inflow 
rate at the base of the shaft (final excavation level) was 18L/min which was well within the 
allowable 50L/min design limit. Both tests indicated that the performance of the grouting 
works at the base slab of the launching shaft to minimize water ingress was good. This was 
further proven during the actual excavation that the shaft is adequately watertight as there 
was minimal ground water ingress into the shaft. 
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Figure 7. Section and layout of JGP work at the launching shaft. 


The above control measures were successfully implemented to prevent the groundwater 
drawdown during the excavation stage and the launching shaft was completed without any 
impact to the GTP. 


2.2 Non-Technical challenges 


To meet the projected increase in water demand in Jurong Island, it is critical and challenging 
for the team to meet the planned timeline of the project so that water can be conveyed from 
the plant at the upstream to end users on Jurong Island by 2024. 

At the project initiation and planning stage in 2019, a 38-month-duration was determined 
for the construction stage. The duration was considered adequate for projects of such scale 
since authority approvals, advanced soil investigations and trial trenching, were done prior to 
the construction stage. 

However, in early 2020, the COVID-19 pandemic situation posed a global health issue, and 
its impact was costly for the construction industry. Singapore was not spared as well, and it 
caused a severe disruption to our supply chain for labor and procurement for materials, 
amongst others (Oh, 2021). 


2.2.1 Labour disruptions 

Singapore relies heavily on foreign labour. In early 2020, travel restrictions severely affected 
the inflow of migrant workers to Singapore, causing a shortage of labour. The construction 
sector was among Singapore’s worst-hit industries and the industry came to a total standstill 
for 4 months in mid-2020 as Singapore also raced to contain the COVID-19 outbreak among 
its migrant workers’ community as most of them were living in shared dormitories. 

In addition, the workers for the project had to undergo a compulsory quarantine whenever 
a fellow worker has been diagnosed with the disease to reduce the spread. This worsened the 
labor shortage situation. Furthermore, many COVID-related regulations also affected the 
workforce’s ability to perform its tasks effectively. For instance, all the project workforce had 
to undergo regular COVID-19 testing and to comply with new workplace safety measures 
such as safe distancing. All these regulations effectively reduced the productivity on site. 
These factors also created huge delays in the project execution based on the set deadlines and 
prolonged the time taken to complete the project. 

To protect workers against infection and cut the transmissions amongst workers, the con- 
tractor constructed temporary quarters to house all their workers working for this project. It 
was modular “quick build” quarters sited near the project site. At that point of time, these 
temporary quarters minimized the risk of COVID-19 transmission amongst the ‘spread out’ 
workers and created an isolation bubble system amongst the workforce (Oh, 2021). Thus, all 
workers were able to work continuously with minimum effect of COVID-19 infection. In add- 
ition, workers who stay at the quarters can save on transportation time and this significantly 
improved the daily site productivity. 
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2.2.2 Supply chain disruption 
Singapore’s construction industry does not only import labour but also imports materials for con- 
struction extensively, especially from our neighboring country, Malaysia. The dependency is due 
to the more competitive products from Malaysia with its lower-cost labour within the region. 
Most contractors in Singapore faced significant setbacks in terms of the supply chain during the 
lockdown in Malaysia, where it supplied most of the prefabricated components to the construc- 
tion sites in Singapore. Suppliers across the border could not meet production and delivery dead- 
lines during the lockdown period, which led to some factories’ closure, creating a material 
shortage crisis that slowed down Singapore’s construction industry immensely (Ng, 2021). 
Arising from this situation, we realized that diversification is a key strategy to mitigate risks 
of supply disruption from any single source country. Therefore, the contract specifications were 
crafted strategically, whereby the contractor was required to dedicate 2 distinct sources for the 
tunnel segments, with the primary source country to supply 70% and the secondary for 30%. 
This diversification of materials supply helped to avoid a similar situation mentioned above 
where the contractor has no access to materials because their only source factory is under lock- 
down. For this project, earlier in the tender stage, the contractor had already identified 2 com- 
plying tunnel segment suppliers, with the primary source from Malaysia and the secondary in 
Singapore. The productions in both countries commenced seamlessly upon finalizing the design. 
While the cost increased marginally, this measure has effectively and strategically resolved the 
supply chain issue and minimized the risk of putting all the eggs in one basket. 


2.2.3 Stockpile on-site 
Singapore faced difficulties in securing essentials amidst the disruptions. Stockpiling was 
a necessary first response. The project began to fabricate and stock up on the essential mater- 
ials like tunnel segments and steel pipes as soon as contract award. Shoring up the project’s 
material resilience required sourcing suitable locations to store the stockpiles. Storage spaces 
became scarce and new ones had to be set up quickly to accommodate the increase in 
stockpile. 

Setting up new storage areas, however, was not just a matter of stacking containers or cutting 
a grass field. It involved seeking approvals from various stakeholders and authorities. For 
example, planning approval was required from the Urban Redevelopment Authority (URA), 
while technical agencies such as the National Parks Board (NParks) and Land Transport 
Authority (LTA) would evaluate the impact to flora/fauna and traffic respectively. Further- 
more, qualified persons are required to be engaged to submit and certify proposals for author- 
ity’s approval. To this end and amidst the pandemic, the project team started to work 
concurrently to identify and secure empty industrial spaces within the Jurong Island that could 
be converted into a temporary or makeshift storage yards. Authority’s approvals to secure 
a parcel of 10 hectares next to the project site before the contract award was obtained. Thus, as 
soon as the contractor got onboard, site clearance and setting up the storage areas commenced 
immediately. The whole temporary storage yard is large enough to house more than 600 tunnel 
segment rings and 1000m equivalent-length of 2.2 diameter steel pipes, which is sufficient for 
a 4-month continuous work and the resilience to survive another wave of crisis. 

The rolling 4 months’ worth of stockpile on essential materials enabled us to ride through 
a few lockdowns in Singapore and Malaysia calmly when factories in both counties were 
required to cease operations. 


2.2.4 Critical procurement — Tunnel boring machine 
During the tender evaluation stage (Jan 2020 — July 2020), as the developer, various factors 
were considered before awarding the contract to the contractor with the best-fit proposal. 
There were various submissions by contractors (local or overseas contractors) of the TBMs 
where some are from same country as the construction company while others are from 
another country. 

COVID-19 border control measure (since April 2020) occurred during the tender evaluation 
and this posed challenges. As the TBM is the major equipment and key to the successful com- 
pletion of the project, regular inspections and tests need to be conducted during its 
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manufacturing process. Physical presence by inspection personnel was required to facilitate 
inspection of the contractor’s compliance with the project’s quality specification. 

However, cross-border inspections were not possible because many countries were still on 
lockdown. Therefore, choosing a suitable and appropriate TBM supplier became critical. 
Knowing this potential issue which will occur during construction stage, the proposal of selec- 
tion of factory of fabrication of TBM (China) which is same country as the construction com- 
pany (China) was selected. 

During COVID-19 in 2021, foreigners needed to undergo a minimum 14 days of quarantine 
if they have special approval to enter the country and likewise a minimum 14 days of quaran- 
tine for their return trip. By having the TBM fabrication factory to be in the same country as 
the main contractor’s headquarter, this would enable the main contractor to communicate 
with the TBM supplier seamlessly and witness the fabrication process. The communication 
process allowed the contractor’s technical team from it headquarter to contact, manage, and 
monitor the TBM’s specification, procurement, manufacture, production, and shipping. 


3 CONCLUSION 


This project posed many challenges; both technical and non-technical, to the project team. 
Despite these challenges, solutions were found to eliminate those challenges that could lead to 
project delays and any compromise on quality. For the identified technical challenges, which 
was arising from working close to the GTP and high groundwater table, they have been over- 
come by the implementation of a diaphragm wall construction and careful JGP works, 
respectively. 

On the other hand, while COVID-19 has sparked an unprecedented challenge to this pro- 
ject, it has also helped us to rethink some of the procurement strategies, such as diversification 
of materials from alternative sources and increase of stockpile on-site. This has enabled us to 
better position ourselves in preparation for any other crisis like COVID-19. 
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ABSTRACT: Two EPB-TBMs are working on this project in complex geology. A certain 
amount of this tunnel in length is subjected to a detailed study of TBM performance. A water 
ingress of 60 m7/h was experienced in a transition zone from clay to an interbedded siltstone- 
claystone formation, and 115 m° of double component polyurethane was applied to create 
a curtain to stop the water ingress into the tunnel. It is emphasized that EPB face pressure is 
a mitigation factor in overcoming face collapses and TBM jamming in transition zones. A face 
pressure of 2.1 bar was a key factor in passing a major transition zone. Normalized thrust 
force, normalized torque, penetration and specific energy values were compared with those of 
other 8 projects in Turkey in different formations in order to understand better the effect of 
the operational parameters and geotechnical properties on TBM performance of EPB-TBM. 


1 INTRODUCTION 


In 2020, one billion- and sixty-million-meter cubes of water were consumed in Istanbul. Of this 
amount, a 380 10° m°? of water was conveyed from Melen and Yeşilçay rivers. In other words, 
Melen River is the insurance of providing water to Istanbul. To realize this, a water tunnel 
having a length of 21 km and inner diameter of 4m has started to be driven by two EPB-TBMs. 
The tunnel route between Kagithane-Bahcelievler-Sefak6y is seen in Figure 1. The water will be 
conveyed with steel pipes having a diameter of 3 m. The tunnel passing within sediments consist- 
ing of sand, clay and very hard sandstone formations is planned to be excavated between 11 
shafts and with high-water ingress in some places. This is a highly populated area with old build- 
ings above the tunnel route. The tunnel has been excavated with two Lovsuns 45300 EPB-TBM. 
The characteristics of TBMs are given in Table 1. 


2 THE GEOLOGY AND GEOMECHANICAL PROPERTIES OF THE FORMATIONS 
BETWEEN THE CHAINAGES 1+400/1+900 KM 


Alluvial deposits of semi-hard clay, dark grey in color, having a high plasticity index are 
found between 1+525-1+725 km. Geological profile of the studied area is seen in Figure 2. 
Geotechnical characteristics of Kusdili Formation representing the geology of the area are 
given in Table 2. From the hard to very hard Trakya Formation, consisting of sandstone- 
siltstone and shale are found on the majority of line 1 and, in 3.5 km of line 2. The geome- 
chanical characteristics of siltstone-shale (W2-W3) are given in Table 3. 


DOI: 10.1201/9781003348030-219 
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Table 1. Characteristics of Lovsuns EPB-TBM. 


TBM parameter Value 

Total length 117m 

Weight 400 t 

Excavation diameter 4767 mm 

Driving power 800 kW 

Thrust 340 bar, 2848 t 

Torque 4014, 2181 kNm 

Rotational speed 3.5 rpm 

Cutters 23 single disc, 4 double discs 
Opening ratio %28 


Figure 1. The general layout of the water conveyance tunnel. 


3 ADVERSE CONDITIONS AND MITIGATION MEASURES 


Alibeyköy river crosses the chainage 1+700 km. of the tunnel. High water ingress exceeding 
60 m°/h is encountered in the tunnel from time to time. Figure 3 shows typical water ingress 
into the tunnel. As a mitigation measure, first, polyurethane injection at ring 283 (Chainage 1 
+798.51 km) was applied in order to create a barrier to stop the water coming from behind of 
the shield and cutterhead. As a second step, polyurethane injection was also applied through 
the foam lines in front of the cutterhead plus a special grease was applied to the steel brushes. 
The consumption of polyurethane based on tunnel chainage is given in Table 4. 


4 THE PERFORANCE OF EPB-TBM BETWEEN CHAINAGES 1+400/1+900 KM 
The variation of thrust (kN), torque (kNm), EPB face pressure (bar), penetration (mm/rev) 


and specific energy in (kWh/m*) are given in Figures 4-8. As seen from these figures, the TBM 
performance values are very different in clay and in siltstone-shale (W2-W3). Mean TBM 
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Figure 2. The geological profile of the studied area. 


Table 2. Geomechanical properties of 


the clay. 

Property Value 
Density, kN/m? 19 
SPT N60 7-12 
Plasticity Index 54 
Undrained cohesion, kPa 150 
Drained cohesion, kPa 5 
Internal friction angle 24 


Elastic modulus MPa 31.5 


Table 3. Geomechanical properties of 
siltstone-shale (W3—W4). 


Property Value 


Density, kN/m? 26 
Compressive strength, MPa 48 
Cohesion, kPa 513 
Internal friction angle, 44.3 
Elastic modulus, MPa 2426 
Poisson ratio 0.24 
RQD % 39 
RMR/Q 41/58 
GSI 50.7 


performance values with standard deviations are given in Table 5. Transition zones are the 
most critical areas for face stability, initiating face collapses and squeezing of the TBM Acun 
et al. (2021), Bilgin and Acun, (2021). A research report dated 1995 published by Mainland 
East Division Geotechnical Engineering Office Civil Engineering and Development revealed 
the fact that from the 65 cases, 25 face collapses occurred in transition zones, Chan (2015). It 
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Figure 3. Water ingress into the tunnel at chainage 1+700 km. 


Table 4. The amount of polyurethane used to stop the water ingress to the tunnel. 


Ring No km Polyurethane injection (m°) Pressure bar 
270 1+786 15 3-4 
268 1+783 30 3-4 
263 1+775 20 3-4 
258 1+768 10 3-4 
252 1+759 10 3-4 
246 1+750 10 3-4 
243 1+745 10 3-4 
239 1+759 10 3-4 


Note: Total amount of Polyurethane used 115 m°. 


is concluded that the 2.1 bar face pressure applied in the transition zone from clay to siltstone- 
shale formation was a mitigation measure for stopping face collapse and squeezing of TBM. 
As seen from Table 5 TBM thrust in the transition zone was 2.5 times higher than clay, 1.7 
times higher than Trakya Formation consisting of sandstone, siltstone, shale. However, the 
penetration in the transition zone is found to be almost half of the obtained in two other for- 
mations. It is worth remembering that similar relationships were found in Gayrettepe - 
Istanbul Airport project (1). The main reason for this is that transition zones are usually weak 
and weathered. During the excavation, the material in the contact zone accumulates in front 
of cutterhead making difficult the advance of the machine, decreasing the penetration and 
increasing the specific energy. Thus, specific energy being around 3.6 kWh/m’, increased to 
15.5 kWh/m°. Specific energy is the energy to excavate the unit volume of rock. It defines the 
efficiency of the excavation process and it is demanded to be as small as possible. Specific 
energy (SE) may be obtained directly from the data acquisition of the TBM or may be calcu- 
lated directly from the relevant equations. 
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Table 5. The performance of EPB-TBM in clay, in siltstone, shale and in transition zone. 


Transition zone Siltstone-shale 
Parameter Clay 1550/1741 m 1742/1743 m 1744/1790 m 
Thrust (kN +/- s.d) 8285 +/- 2161 20500 12128 +/- 2358 
Torque (kNm +/- s.s) 685 +/- 286 1390 1492 +/- 267 
EPB bar (+/- s.d) 1.3 +/- 0.5 2.1 1.2 +/- 0.5 
Penetration (mm/rev +/- s.d) 23.1 +/- 6.0 10.0 15.5 
Specific Energy (kWh/m? +/ s.d) 3.6 +/-2 15.5 7.8 +/- 2.6 
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Figure 4. Variation of TBM Thrust between chainages 1+450/1+900 km. 
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Figure 5. The variation of TBM torque between chainages 1+450/1+900 km. 
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Figure 6. The variation of EPB face pressure between chainages 1+450/1+900 km. 
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Figure 7. The variation of EPB penetration between chainages 1+450/1+900 km. 


5 THE COMPARAISON OF EPB-TBM (LOVSUNS 45300) WITH OTHER TBM’S 
WORKING IN THE OTHER NINE PROJECTS 


TBM thrust (kN), torque (kNm) and penetration (mm/rpm) are interrelated. Therefore, for a 
comparative study concerning different projects, normalized values of thrust (kN/(mm/rpm) 
and normalized values of torque (kKNm/(mm/rpm) should be considered. On the other hand, spe- 
cific energy, which is the energy spent per unit volume of the excavated material, is related to 
the geotechnical properties of the excavated material, design parameters of TBM and optimum 
working conditions of TBM. Table 6 is the summary of the comparative TBM performance 
values obtained for nine TBM projects. It is clearly seen from this table that EPM-TBM used in 
Kagithane-Sefak6éy water tunnel demanded comparatively less energy for the unit volume of the 
excavated material, emphasizing the success of an efficient TBM boring operation. 
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Figure 8. The variation of specific energy with tunnel chainage. 
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Table 6. The comparison of the mean EPM-TBM’s performance values in different projects (Nuh 


Bilgin personnel data). 


Mean 
TBM Thrust Index Torque index Penetration SE 

Project OclOt (m) kN/(mm/rev) kNm/(mm/rev) (mm/rev) (kWh/m°) 
Kağıthane-Sefaköy water SPT60=12 4.7 358.7 29.7 22 3.6 
tunnel, clay 1550-1700 m 
Kağıthane-Sefaköy water - 4.7 2050.0 139.0 10 15.5 
tunnel transition zone 700 
+1758 km 
Kagithane-Sefakéy water 48/4.3 4.7 511.7 63.0 23.7 7.8 
tunnel, Trakya Forma- 
tion, 1758-1900 m 
Ayazağa Çayırbaşı, water 100/9 = 3.12 2267.1 222 5.2 9.4 
tunnel, Trakya Formation 11.1 
Belpinar, water tunnel, 58/14.5=4 6.82 801 415 11.3 19.9 
peridotit, serpantinit 
Gayrettepe Istanbul Air- - 6.15 379 48.5 25 4,3 
port Metro Project 
Clay, 24+250/24+550 km 
Melen, water tunnel, 85/10.2 = 6.15 840 164.1 9.3 10.4 
limestone 8.3 
Otogar Bagcilar metro 31.9/3.5= 6.52 990.3 157.9 13 8.3 
tunnel, Limestone, 9.1 
Ido Kirazl, metro tunnel, 46/4.8=9.5 6.15 12009 2258 14 9.5 
Bakırköy Formation 
Kartal Kadıköy, metro 105/8.8 = 6.50 5485 1714 12.6 7.8 
tunnel, Kartal/Tuzla/ 11.8 
Trakya Formation 
Mahmutbey Mecidiyeköy, 120/I5=8 6.15 545.2 147.5 18.9 11.4 
metro tüneli, Trakya 
Formasyonu 

45/3.5=12 6.15 427 132.3 16.5 7.4 

(Continued ) 
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Table 6. (Continued) 


Mean 

TBM Thrust index Torqueindex Penetration SE 
Project 0/6; (m) kN/(mm/rev) kNm/(mm/rev) (mm/rev) (kWh/m?) 
Mahmutbey Mecidiyeköy, 
metro tunnel, hard clay 
Nurdağı, hızlı tren, meta 213/22.4= 7.8 12500 1700 T3 9.5 
sandstone-claystone, 9.5 
quvarsite 


In this table all TBMs are EPB-TBMs except TBM in Nurdağı project which is single shielded TBM, for the 
detailed information on geological formations please consult ref. Bilgin et al. (2016). 


6 CONCLUSIONS 


One third of the water consumed in Istanbul in the year of 2020 came from Melen and Yesilay 
rivers. In order to disturb the water conveyed from Melen River, rationally within the city, 
a tunnel having 4 m of the inner diameter of the precast segments and having a length of 
21 km has been constructed between Bahgelievler-Sefakéy. In this paper the performance of 
an EPB-TBM between chainages 1+400/1+900 km has been detailed. The most critical point 
in the part studied was the transition zone between Kusdili (clay) and Trakya Formations- 
(siltstone-shale W2-W3). A research report dated 1995 published by Mainland East Division 
Geotechnical Engineering Office Civil Engineering and Development revealed the fact that 
from the 65 cases, 25 face collapses occurred in transition zones (Chan 2015). It is concluded 
that a face pressure of 2.1 bar applied in the transition zone was a mitigation measure elimin- 
ating the risk of face collapse and the squeezing of TBM. Alibeyköy river crosses the tunnel 
route at 1+700 km. At this point, a water ingress exceeding 60 m*/h is faced into the tunnel. 
As a mitigation measure, 115 m? polyurethane was injected into different parts of the tunnel. 
It is also important to note that a comparative study carried out on nine TBM projects, 
showed that on the basis of specific energy, Bahcelievler-Sefak6y water conveyance tunnel 
was driven with remarkable success. 
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ABSTRACT: The second trunk line project in Munich is a key factor to relieve commuter 
traffic in Bavaria’s capital. The existing trunk line collects incoming trains from all directions 
in one tunnel that runs from east to west through the center of the city. The new tunnel will 
double the capacity to avoid congestions. Three new stations will be built, the deepest of 
which is the Marienhof station, situated directly behind Munich’s city hall. At a depth of 40m, 
it will be the deepest regional train station in Germany. Via access tunnels, which will be exca- 
vated under compressed air, it will connect to the existing subway network. The large platform 
tunnels extending the east and west of the central access will also be driven under compressed 
air. With a section of 430m? it will be one of the most challenging underground operations 
ever executed in Munich. Further challenging tasks are the extensive lowering of water table 
by installing more than 100 wells in the city center, and the compensation grouting to reduce 
settlements of the neighboring historic buildings and the nearby subway tunnels. The paper 
focuses on the experiences so far and the future challenges of the project. 


1 INTRODUCTION 


1.1 Project background 


Around 6 million people live in the Munich region, 1.5 million of them in the city itself. With an 
increase in employment of around 23 % over the last ten years, the southern German metropolis 
is one of the fastest growing regions and commuter capital of Germany. Commuters extensively 
use the well-developed public transport network. One particularly busy section is the 11.3 km 
long first trunk line, which was opened just before the Olympic Games in 1972 and runs through 
4.3 km of the Munich city centre in tunnels. It was originally designed for 250 000 passengers/ 
day, but by now 850 000 people a day use the train line, which runs every two minutes — making 
it Germany‘s most frequented double-track railway line during rush hour. A new west-east 
express link to the main hubs is intended to provide a substantial improvement in capacity: 
the second trunk line. 

The 10 km long new line runs parallel to the existing first line from Laim station in the 
west, descends into a 7 km long tunnel before Donnersbergerbrticke, stops at three new sta- 
tions and emerges before Leuchtenbergring station in the east (Figure 1). 


1.2 Tendering 


The tendering process took 3 years and various stages, including a joint re-evaluation 
and optimization process, which considerably changed the tender design, which consisted 


DOI: 10.1201/9781003348030-220 


1829 


my 


aiia Hirschgarten Hackerbrocke München Hbf 


E 3 


Donnersberger A eS 
Z Karlsplatz OF a 


Gjat w 


7 Leuchtenbergring 


bricke 


Marienplatz 3 G 4 
bahnho 
eat Altstadt Isartor A 
^A 
PTT San 
Heimeranplatz x » 5 
S P Z fosenheimer x p 
fe Platz 
à \ 
P 
ee A 
< P 
7 St-Martin-Str. d 
Pi tA i 


Figure 1. Alignment of the Ist (green) and the new 2nd trunk line (red) with tunnel sections (dashed) 
and three new stations and two stations to be converted (red) (Credit: DB). 


of various access shafts, access and escape tunnels, to a fully integrated solution using 
a central large pit, with conventional tunnel drives extending the platforms to the east 
and west, plus an additional connection tunnel to the existing subway station (Figure 2). 

After contract award further optimizations included the replacement of the injection tunnels 
by drilling the up to 100m long compensation grouting holes from the central pit. 


Figure 2. Optimization of pre-design during tender process of station Marienhof (Credit: DB). 


After that multi-stage tendering process, the client Deutsche Bahn (DB) awarded the con- 
tract for the construction lot VE 41“Marienhof” to the JV Marienhof at the end of Decem- 
ber 2018. The consortium consists of Implenia Construction GmbH, Munich division (37.5%, 
technical managment), Hochtief Infrastructure GmbH (50%, commercial management) and 
Implenia Spezialtiefbau GmbH (12.5%). Lot VE 41 comprises the construction of the Marien- 
hof Station using the cut-and-cover method, the station tunnels and the connecting tunnel to 
the existing underground stations of the U3 and U6 lines applying conventional tunnel con- 
struction methods. 

Construction began 5 months later following a interface design and works preparation 
phase. 
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1.3. Lot VE 41 “Marienhof’ 


The construction site is more or less enclosed above ground by prominent neighboring build- 
ings, one of which the City Hall, a pedestrian zone and narrow streets, as well as underground 
by the two existing metro tubes of lines 3 and 6. 

The access building of the station Marienhof, which is roughly the size of a football field, 
some 100 m long and 60 m wide, is being constructed below the groundwater level using the 
diaphragm wall/cut-and-cover construction method. Extending to the west and east, com- 
pressed-air excavation will be applied for the 60 m long platform tunnels of the train line, each 
of which will run directly underneath the existing metro-lines (Figure 3). In total, the platform 
tunnels will reach a length of 220 m. The connection to the metro station will be excavated in 
southerly direction towards the town hall, also using conventional construction methods. 

Starting in 2024, the compressed-air drive will run underneath the mezzanine level of the 
existing metro and connect to the two former shafts that were built in the early 2000s for the 
ground freezing measures required for the platform extension under the town hall. Key data 
of the project are listed in Table | below: 


Table 1. Key data of the station box. 


Specification Amount 
Total excavation volume 267,500 m3 
Total amount of concrete 200,000 m3 
Diaphragm walls 15,700 m? 
Temporary supports 50 pes 

No. of Wells total 135 pes 


Figure 3. Model of the station Marienhof (Credit DB). 


1.4 Geology 


Marienhof Station is the deepest construction measure in the tertiary ground formations that 
has been carried out in Munich so far. A filling layer is located in the upper area. The further 
geology is characterized by predominantly fine to medium sandy, water-bearing layers par- 
tially containing silty, slightly clayey material. This is followed by an aquiclude consisting of 
silt and clay, partly with calcareous concretions and friable clay (clay with slickensides); 
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further down, claystone and sandstone are encountered. The entire construction project is 
located below the groundwater table, with alternating water-bearing and impermeable layers. 
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Figure 4. Simplified cross-section (Credit DB/Boley Geotechnik). 


1.5 Logistics 


The location of the construction site is of particular importance. The construction site traffic 
is organized by access authorizations as part of an online transport notification system in 
order to avoid conflicts with other transports. Due to the confined space of the construction 
site, relocations of materials, machines and working areas have to be announced and discussed 
almost weekly. The main access route is in the east (up to 90 trucks/day), while the route for 
long and heavy transports in the northwest runs through a pedestrian zone (max. 8 
trucks/day). 

In order to avoid truck traffic with ready-mixed concrete trucks and to guarantee a reliable 
supply, a concrete mixing plant with a capacity of approx. 650 m3 of concrete was addition- 
ally installed in the south-east are of the construction site. 

Two up to 75 m high tower cranes with 55 and 65 m long jibs are used to service the entire 
construction site on surface, as well as to service all logistic openings in the upper concrete 
deck. A cable excavator with a 7.5 m° grab is used for the vertical disposal of the excavated 
material from the various levels. 


Figure 5. Construction site located in the city center of Munich (Credit DB/ARGE VE41). 
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1.6 Geotechnical monitoring 


Numerous measuring points were installed in the subway tunnels and mezzanine level, on 
and in neighboring buildings, in the streets around the construction site and in the exca- 
vation pit itself. All measurement data that is generated is automatically visualized in 
real time. If threshold values are exceeded, an automated alarm is triggered. A total of 
1.5 km of inclinometer pipes, 2 km of boreholes and 4 km of cables have been installed 
for geotechnical monitoring. 


1.7 Dewatering 


Until 2021, almost 130 wells and water gauges have been installed up to a depth of approx. 
60 m for dewatering. Inside the diaphragm wall box, 15 wells and gauges are being used to 
lower the groundwater for excavation and civil engineering operations of the central access. 
Outside the diaphragm wall, the groundwater is reduced to relieve the diaphragm wall excava- 
tion pit statically during the construction phase, and to enable the conventional tunnelling of 
the subway connection and the platform tunnels. Nevertheless excavation will use compressed 
air with approx. lbar pressure to control residual water in the ground. 


2 EXPERIENCES 


2.1 Diaphragm wall 


Before starting the diaphragm wall construction, 56 boreholes had to be drilled in the south- 
west of the construction site to depths of 14 to 31 m in order to remove obsolete existing 
anchors from the subway construction in the 1960’s. The boreholes were then backfilled with 
artificial soil or gravel. 

The construction of the 1.50 m wide diaphragm wall required a temporary guide wall to 
steer the diaphragm wall cutter. The 2.50 m high reinforced concrete wall surrounded the 
excavation pit over a length of around 320 m. It ensured the minimum height of the suspen- 
sion level in the upper area and partly served as bracing for the preliminary shoring. 
A diaphragm wall cutter and grab were used to excavate the diaphragm wall slabs. 


Figure 6. Duty cycle crane with reinforcement cage (left) and diaphragm wall cutter (Credit DB/ARGE 
VE41). 
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The diaphragm wall was designed as a statically highly loaded, watertight excavation pit 
shoring. It protects the excavation pit, which is the size of a football field, from groundwater 
down to a depth of 54 m and consists of 110 slabs that are 3.20 m long and 1.50 m thick. 
A total of 15 700 m2 of diaphragm wall was built. Each slab is highly reinforced with up to 
41.4 t of steel, which was delivered in 3 to 4 individual cages up to 18 m long and assembled 
on site (Figure 6). 

The east and west sides of the diaphragm wall required an extremely high reinforcement 
content due to their close proximity to the nearly 60year old subway tunnels. Due to the very 
dense matrix of the steel cages, concrete recepies needed to be adapted to enable a good flow 
and distribution of the concrete. Monitoring of the concrete recipies and the concreting pro- 
cess itself was well above usual standard, including the involvement of external experts to 
supervise the construction. 

Additionally each reinforcement cage was equipped with six sonic pipes (Figure 7 in red) to 
control both integrity and sufficient concrete cover both on the earth and air face of the slabs. 


Figure 7. Sonic pipe arrangement (Credit DB/ARGE VF41). 


Excavation of the slabs started with the grab to a depth of 10 — 15m, replacing the exca- 
vated earth with a stabilizing slurry. The remaining depth down to 55m was reached using the 
milling cutter. 

The concrete placement for a single slab with approx. 260 m3 concrete of grade C20/25 
took about six hours. 

The earth-slurry-mix was pumped to a separation plant with several stages, before the 
slurry was reintroduced to the working circuit, while the extracted earth was loaded and dis- 
posed off. 


2.2 Temporary supports 


A total of 50 columns bear as temporary support the loads of the deck slabs during the con- 
struction period. Originally planned as double T-girders, they were re-designed as box gir- 
ders for structural reasons. Due to their heavy total weight of 31.2 t, they were delivered in 
parts, assembled on site and then lowered from the ground level to depths of 61 to 
68 m. Each foundation consists of an approx. 18 m long reinforced pile base, which supports 
the 54 m long support. Some of the temporary supports have been fitted with extensometers 
to detect possible ground heave effects during excavation in the highly overconsolidated 
Munich subsoil. 

When external and internal walls have been constructed from the bottom slab up, theses 
supports will be removed. 
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2.3 Compensation grouting 


Since the beginning of 2022, the consortium is designing the compensation grouting to the 
east and west of the excavation pit from the upper and lower areas of the building to counter- 
act possible settlements. Here, about 15 000 running metres of guided drillings from levels —1 
and —2 are to secure the existing buildings. In addition, approximately 3000 running metres of 
unguided drillings from level —4 will secure the tubes of the metro lines U3 and U6. Figure 8 
shows both the shield for the buildings and the subway tunnels. 


Figure 8. Compensation grouting shields (Credit DB). 


2.4 Concrete deck and bracing levels 


The construction of the 1.20 m thick concrete deck slab and the various levels, including the 
temporary bracing levels, have been combined technically and for organizational purposes in 
the structural engineering section (KIB) 1. 

After completion of the diaphragm wall, the entire deck (level 0) was constructed in 
the second half of 2021, as well as concreting and venting openings for the concreting of the 
walls underneath. Numerous fixtures and ductwork have already been planned for each level 
and will be installed directly. The deck construction generally consists of an approx. 10 cm 
thick temporary blinding layer of concrete, followed by linoleum in the exposed concrete 
areas and the actual deck. The concreting of the | to 1,2m thick decks is carried out in eight 
concreting sections. Additionally a protection layer has been cast on top of the upper deck, 
which contains pipes and cables from wells and measuring equipment that are led to the out- 
side of the pit, and protects them from surface logistic activities. 
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By the end of September 2022, level —1 has been excavated around a large number of obs- 
tacles, including the temporary supports, wells and measuring equipment (Figure 9). 


Figure 9. Excavation obstacles (Credit DB/ARGE VE41). 


The machines used underground, such as the tunnel excavator and crawler loaders, are 
fitted with a short tail to maximise space savings and avoid collisions with those obstacles. 
The sandy soil is quite stable as it is over-consolidated and drained, and must be loosened 
mechanically. Vertical transport is performed by a cable excavator with a 7,5m? grab 
(Figure 10). 


Figure 10. Short-tail tunnel excavator and 7,5 m° grab (Credit DB/ARGE VE41). 


With half of the bracing level -1 completed, the excavation of the next lower level —2 is 
already underway. In the western section of the central access, a large space remains open in 
bracing levels —1 and —2 for a three-level golden cube as the architectural centrepiece of the 
structure. (see also Figure 14 in Section 3.3) 
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3 FORECAST 


3.1 Connecting Adit U3/U6 


The platform level of the U3/U6 metro station will be connected by conventional tunnelling 
under compressed air up to 1.0 bar. The tunnel will be excavated from the temporary pressure 
chamber in level —3. 

Figure 11 shows the vicinity to the existing subway station and the foundations of the city 
hall. An existing diaphragm wall from the construction of the subway station will have to be 
removed during excavation. The adit tunnel will then split into two drives towards the east 
and west, connecting with existing shafts at subway platform level. The section of the adit is 
approx 90m’, which is comparable to a standard 2-lane road tunnel (Figure 12). 
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Figure 11. Connection adit to subway (in green) (Credit: DB/ARGE VE41). 
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Figure 12. Cross section of connection adit tunnel to subway (Credit: DB/ARGE VE41). 


3.2 Platform Tunnels 


Excavation of the western and eastern platform tunnels underneath the existing structures is 
planned to start from a temporary pressure chamber in level —5 using conventional tunnelling 
methods under compressed air up to 1.0 bar. Excavation and securing of the five-part vault 
cross-section with 430 m2 excavation area will be carried out in several partial headings. The 
lateral escape tunnels will be excavated first, followed by the central tunnel with its four 
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partial cross-sections. Finally, the platform tunnels will be excavated successively with two 
partial cross-sections. (Figure 13) 
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Figure 13. Cross section platform tunnels (Credit: DB). 


3.3. The Cube 


A highlight in structural engineering is the cube with its gold-colored X-columns, which 
extends over levels —1 to —3 (see Figure 12). During the excavation work down to the invert, 
a highly complex temporary bracing structure made of prefabricated concrete elements is 
installed in this area, which will later be disassembled again. 
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Figure 14. The cube (Credit: DB/ARGE VE). 
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ABSTRACT: The use of typical rock tunnelling construction methodologies to excavate tunnels 
in soil is a practice that continues to be found today in some large projects. The erroneous adop- 
tion of the NATM philosophy as if it were a sequential excavation (SEM) is the most common 
case. The excavation by conventional means of tunnels in soils, in which their length does not 
justify the use of a TBM, is not usually exempt from difficulties. This article presents the case of 
a tunnel to be excavated in loose fine sand, with an excavation area of about 180 m°, and a few 
meters of overburden, whose conception in the early stages of design does not fit properly to the 
existing ground and has subsequently required considerable design changes during construction. 


1 INTRODUCTION 


In the tunnelling industry, danger and risk have been closely associated with poor perform- 
ance on design, construction and supervision. A tunnel design in which the methodology and 
construction techniques appropriate to the ground to be excavated are well established before- 
hand will avoid future problems such as delays, cost increases, unsafe and dangerous situ- 
ations, and affectation of existing structures/infrastructures, etc. 

Although face instability in soils is a problem that has been known for many years, col- 
lapses still occur relatively frequently, especially when trying to apply the NATM philosophy. 
There are several cases that have had wide media coverage due to their scale or seriousness, 
despite only limited information is available. Nevertheless, there are probably many more col- 
lapses of which no knowledge has been emerged by different reasons, mainly contractual. This 
means that the real magnitude of the problem is unknown and the capacity for research and 
progress in this field continues to be limited. 

As is well known after the elapsed time, following the famous collapse of the Heathrow tun- 
nels in London, the Health and Safety Executive (1996) carried out a study on the stability of 
tunnels executed by the NATM. In the referred study, more than thirty collapses and incidents 
occurred in tunnels excavated following the NATM philosophy were analysed. As also indi- 
cated therein, most of the analysed collapses corresponded to a failure at the excavation face, 
with a global, partial or localized failure. 

On 2006, at the 39" annual conference of the International Association of Engineering 
Insurers (IMIA) a table was also presented with the relevant collapses produced during tunnel 
construction in the last ten years by the two more developed construction alternatives, NATM 
and TBM. The twenty (20) major tunnel losses since 1994 had cost a total of +650 million 
USD to insurers; of these, seven (7) corresponded to NATM alternative, with losses of 
+220 million USD. 
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In 2011, at the IMIA annual conference (on its 44" edition) the International Tunnelling 
Insurance Group (ITIG) presented the aforementioned table updated. Statistics on failure 
causes based on it are shown in Figure 1. 

Likewise, the “Catalogue of Notable Tunnel Failure - Case Histories” (CEDD, 2015) presents 
a collection of tunnel failures from the middle of the last century to 2015. This catalogue is pri- 
marily based on published information. Arguably not much has changed, but the increased use 
of TBMs to the detriment of sequential methods has helped to contain these statistics, although 
mechanized tunnels are not exempt from their own figures of collapses, as aforementioned. 
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Figure 1. Experience in tunnel losses. Causes of underground failures. Source: ITIG on 44'* IMIA 
Annual Conference (Reiner, 2011). 


Increasingly, in cities and their surroundings, due to the existence of other infrastructures, 
tunnels are designed in more difficult conditions. Tunnels tend to cross more complex geo- 
logical-geotechnical profiles, poorly cohesive or highly fractured ground, or combinations of 
hard and weak units (the so-called mixed fronts). These conditioning factors directly affect the 
stability of the excavation face, rising the probability of failure, especially when excavating 
without face support and conventional tunnelling. 

At this point, a clarification is needed. Conventional tunnelling describes the cyclic con- 
struction of tunnels of any shape where there is access to the excavation face. Employing 
conventional tunnelling techniques used to be known as the conventional tunnelling method 
(CTM). In the past, conventional tunnelling excluded the use of tunnel boring machines 
(TBM). However, nowadays the use of TBMs has become common and thus “conventional 
tunnelling” implies a somewhat arbitrary definition. 

This article mainly focuses on the case of a conventional tunnel to be excavated in loose fine 
sand, with an excavation front of about 180 m?, and a few meters of overburden. The design 
mistakes, the problems derived from them during the construction and the necessary modifica- 
tions to be able to carry out its construction safely are explained in the paragraphs below. 


2 CASE STUDY: TUNNEL IN LOOSE FINE SAND AND WITH LOW 
OVERBURDEN 


The tunnel in the case study is a part of a suburban rail network serving the Tel Aviv metro- 
politan area (Israel). Construction of the rail system began in 2019 and is scheduled to be 
operational in 2026. In fact, there are two tunnels that present similar circumstances and prob- 
lems, although given the limited space of this paper, only one of them is briefly explained. 

The so-called west tunnel is a double track tunnel 450 meters long with an excavation section 
between 180 and 190 m?, considering the pipe umbrella. The excavation height is 14.2 m and 
the maximum width is 16 m. The overburden is about 3 m in the south portal and increases to 
9 m in the north portal. The tunnel passes under a major highway for much of its length, with 
a minimum overburden of only 4 m below the roadway. 
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2.1 Geotechnical context 


From a geological point of view the tunnel is located mainly in poorly graded sand (SP) and 
poorly graded sand and silty sand (SP-SM). In the north portal, the tunnel excavation is car- 
ried out in sand characterized by an average SPT (Standard Penetration Test) of 24 blows 
(between 14 and 33 blows), which represents medium dense sand conditions. In the middle 
section and the south portal, the SPT reaches an average value of 37 blows (ranging from 9 to 
61 blows), that is, up to dense sand. 

Briefly, excavation should be mainly done in medium dense sand. In the middle section of 
the alignment, sand with greater density can be expected. On the south side, the soil contains 
more silt and clay, compared to the north. However, in the FEM numerical models carried 
out, the soil has been considered as non-cohesive because the Atterberg limits obtained came 
from a single borehole and over a limited depth. In the FEM simulation, as it is common prac- 
tice, the drained cohesion has been taken as 1 kPa to avoid numerical instabilities. 

The previously mentioned average SPT of 24 blows has been used. For this value, the fric- 
tion angle can be estimated as ọ = 35°. According to Bowles (1996), the bulk unit weight 
would be y = 17 — 22 kN/m? for medium dense sand, being convenient to consider y = 19 KN/m? 
as an average value. The E, value would be E, = 700 x 24 = 16,800 kPa. 


2.2 Initially designed excavation sequences and tunnel lining 


The tunnel was designed to be excavated by NATM, or to say better, by a sequential excava- 
tion method (SEM). In the tender design, the top heading is constructed by two (2) side drifts 
followed by a centre gallery. 

In the pipe umbrella section, the maximum excavation height is 7 m. Temporary support 
for the tunnel is provided by 0.40 m of shotcrete, two layers of wire mesh and lattice girders 
for reinforcement to be installed 0.60 to 1.0 m apart. The first layer of shotcrete will be 
50 mm (sealing) and the second layer 350 mm thick. The lattice girders consists of 
4 G30 mm bars. 

To improve the stability of the crown and face, 150 mm diameter (6”) umbrella pipes are 
installed with a length of 12 m and a separation between axes of 250 mm. Inside the 6.35 mm 
thick steel pipes 4 @25 mm steel bars are installed. Face support is foreseen to be provided by 
25 mm diameter GFRP bolts, 20 m long and on a 1.25 x 1.25 m grid. Also, according to the 
design, top heading girders are laying on elephant feet on the sides. 

At the top heading, the excavation sequences include two temporary support walls, one per 
side drift, which have the same support elements as the tunnel walls. The temporary invert 
consists of a 0.35 m thick concrete slab. In addition, the bench is designed to be excavated in 
a single stage, which is approximately 7.75 m high. Figure 2 shows the tender design support 
and excavation sequences. 

Due to the shallow depth and size of the tunnel, there will be no arch effect around the under- 
ground opening, the support will take the full ground and surface loads. Under such circum- 
stances, the tunnel support system must be quite stiff to prevent any sudden collapse. 


2.3 Assessment of the designed support system 


The construction of the tunnel started simultaneously at both portals. From the first excava- 
tion rounds, collapses of the excavation face began to occur (Figure 3a, b), making construc- 
tion difficult and forcing the works stoppage. A re-analysis of the design and the construction 
procedure that was being followed became necessary. 

The soil in the tunnel face, especially from the mid-section down to the invert level, consists 
of sand, with no or very limited cohesion and could lead to tunnel face instability/sinkhole at 
the surface, as will be experienced eventually. In fact, observations made on site during the con- 
sultancy work showed a much looser material than would be expected from the borehole logs. 

The tender design with a single bench excavation of ~7 m high in such materials seemed 
unstable from the point of view of tunnelling experience, even before excavation began. 
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Figure 2. West tunnel. Temporary lining and excavation sections according to tender design. 


Figure 3. a, b. West tunnel. On the left, face collapse in the South portal. On the right, detail of face 
collapse in the North portal. 


2.3.1 Face support 

The application of sufficient soil improvement measures is of great importance to allow relax- 
ation — controlled excavation. The planned nails of O25 mm and 20 m long were deemed 
adequate. Iterative computations have been performed for all drifts and the Face Stability 
Factor (safety factor) have been calculated vs. the improved cohesion of tunnel face 
(Figure 4). Considering an average ultimate ground/grouting bond stress of 0.1 MPa, accord- 
ing to Post Tensioning Institute (1996), back computations showed that with the adopted pat- 
tern and nails characteristics set, the minimum ground cohesion should be 40 kPa for all drifts 
to achieve a FSF of 1.6; minimum threshold according to Tamez (1997). 

Iterative analysis have been applied to verify the deconfinement change, depending on the 
tunnel face cohesion. It has been observed that by increasing cohesion, the deconfinement 
and displacements are reduced, but up to a certain limit. When the cohesion reaches 40-50 
kPa, the deconfinement change remains constant. Therefore, face nailing is effective to some 
extent, but it is not the only key aspect to complete the tunnel in safety conditions. To con- 
trol ground loosening, additional measures are necessary. 

Nevertheless, this cohesion is not systematically achieved, leading to the collapse of the 
face if additional improvement measures are not implemented. It must be emphasised that 
the boreholes that provide cohesion values are a representative investigation of only the exact 
point in which they have been drilled; furthermore, they may be subject to execution difficul- 
ties that lead to cohesion values that are difficult to estimate. On the other hand, during con- 
struction, at the excavation face there may be lack of nails in relevant areas, usually due to 
a limited range of allowable movements of the drilling rig used. 
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2.3.2 Ground relaxation 

In the tender documents, the deconfinement value has been considered as 30% reduction of 
the elastic modulus (core replacement method), which also restricts the settlements in the ana- 
lysis but increases the tunnel lining sectional forces. However, for the case evaluated, move- 
ments in the excavation face were the most important and critical issue. 
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Figure 4. West tunnel. Safety factor vs. Cohesion of tunnel excavation face. 


The tridimensionality of the progression of the tunnel construction, which is translated into 
a confinement effect on the cavity given by the face presence (core effect) and the progressive incre- 
ment of ground loads on the supports already installed as the tunnel face moves away from the 
considered tunnel section, has been modelled in the plane strain analysis following the recommenda- 
tions of Panet and Guenot (1982), i.e., using the deconfinement ratio identified as the parameter i. 

The progressive decreasing of à allows to take into account properly the ground relaxation 
which occurs ahead of the excavation face (i.e., before the arrival of the excavation face at the 
considered section). As known, à = 1, means absence of “core effect”. 

The deconfinement value à has been estimated for a face distance equal to the unsupported 
length, which has been taken equal to the lattice girders mean spacing plus additional 0.3 m, neces- 
sary for the installation of these; that is, an unsupported length span of 1.3 m. For the à value 
estimation, it has then been considered the longitudinal displacement profile (LDP) given by Vla- 
chopoulos and Diederichs (2009), a method for the determination of the displacement prior to the 
placement of the support, that take into consideration the effect that a large ultimate plastic radius 
has on the rate of development of wall displacements with respect to the location along the tunnel. 

For shallow tunnels in weak soil conditions, calculating deconfinement (A) with ground 
reaction curve (GRC) brings to high à values; values of à between 0.80 and 0.90 can be 
expected. This would cause soil body to collapse at very first drift excavation attempt. 

To prevent this, ground treatment ahead of tunnel face is commonly applied as also was pro- 
posed in the tender design, including a pipe umbrella and GFRP nailing (74 face nails providing 
a cohesion improvement of 58 kPa). This application allows to consider a deconfinement ratio 
of 50% for excavation, as a first approach. For early strength support, relaxation is increased up 
to 70% and for final conditions it has been taken as 100%. The analytical methods impose cer- 
tain simplifications on the calculation model in the load and symmetry conditions, making it 
possible to carry out the analysis of the ground-support interaction from a basic model. Accord- 
ing to the GRC by Carranza — Torres (2004), the deconfinement value will be 45%. With Roc- 
Support Software and according Duncan Fama (1993), it is 36%. Hence, in the FEM 
computations a mean value of 40% has been taken into account. 

From the longitudinal displacement profile obtained, it can be derived that the relevant dis- 
placements start about 20 m in front of the tunnel face and stabilize again after 20 m behind. 
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This length is important to understand that the ground starts relaxing about 1.5 times the 
diameter from the face. The overlap length of umbrella pipes and the length of the face nailing 
should prevent or minimise this loosening. However, the overlap length of umbrella pipes at 
the end of an umbrella installation block is about 3 m, which might not be sufficient. 


2.3.3 Numerical analysis 

Different FEM models have been made using Plaxis 2D and the same support system and 
geomechanical properties of the tender stage have been implemented. As already mentioned, 
these soil parameters were not totally consistent with what was later observed on site, but 
were the reasonable outcome from the existing borehole data at the time of the tender and 
have been therefore adopted to perform the structural stability computations of the designed 
section and establish the adequacy or not of the tender design. 

More specifically, regarding the top heading, with the start of the excavation of the first drive, 
because of the tunnel shape, the larger displacements were located on the tunnel shoulder. With 
the excavation of second drift and the central gallery, the displacement vectors change to vertical 
and concentrate in the tunnel crown. Upon completion of the top heading, the maximum settlement 
is around 115 mm, which is more than the allowable limits under a road but may be considered 
not substantial since is something that can be quickly recovered with an additional pavement layer. 


Relative shear stress T,„ (scaled up 5.00 times) 
Maximum value = 1.000 (Element 301 at Node 10494) 
Minimum value = 0.2608 (Element 258 at Node 14690) 


Figure 5. Ground shear failure at the base of the top heading temporary lining of the West tunnel. 


~ Relative shear stress Trel (scaled up 5.00 times) 
Maximum value = 1.000 (Element 3147 at Node 7162) 
Minimum value = 0.1953 (Element 2926 at Node 15827) 


Figure 6. West tunnel. Ground shear failure when excavating the bench under the elephant feet. 
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A 2D tunnel model is largely based on the deconfinement ratio, being very sensitive to small 
variations on this parameter. Face stability, which in turn depends on what/how face support is 
applied, is also especially important in soil tunnel models. Likewise, in this case study, the settle- 
ments would be reduced increasing the SPT values and/or the percentage of silt and clay in sand. 

Figure 5 above shows that, yielding in soil is mainly in temporary invert level and on 
tunnel shoulders, at the zone where the pipe umbrella ends, revealing the importance of 
a proper application of this. 

The calculations also showed that instability and failure occur with the bench excavation 
(Figure 6); this depends on the properties of the soil surrounding the tunnel. Even with consid- 
eration of face soil nails applied, providing an increase in soil cohesion, which is taken into 
account in the deconfinement value calculations, is not sufficient in tunnel stability. It demon- 
strates that additional measures should be taken before bench excavation begins. 

Also, as the soil in the crown in some stretches is loose sand, sand may flow through the 
gaps between the pipes (Figure 7a, b), while an effective soil improvement arching between the 
pipes has been applied in the calculations to limit the deformations. Therefore, the umbrella 
pipe drill holes must be fully grouted (e.g. tube a manchette technology) achieving an arch of 
tangent micropiles around the crown of the tunnel to avoid sinkholes. 


Figure 7. a,b. West tunnel. View of the pipe umbrella gaps in the North portal. Close view on the right. 


3 CONCLUSIONS 


A conventional tunnel excavated in non-cohesive sand both in top heading and benching, and 
with very low overburden, has been analysed after serious difficulties encountered to carry out 
its construction following the planned design. 

The lining of the tendering stage corresponds to a stiff support system; designed to resist the 
full ground load, provides sufficient structural capacity for such a shallow tunnel and fulfils 
the requirements for its operational life. However, the critical aspect of the tunnel is its con- 
struction, and more concretely, the face stability. 

Limiting the ground relaxation in the time lapse until support can be applied, determines 
the stability and feasibility of construction. Pipe umbrellas help achieving lower ground 
relaxation at the crown, but relaxation would be an even more critical aspect during benching 
excavation although soil nailing is applied. Analysis showed that, relying only on face nails 
provided, soil improvement is not sufficient for controlling tunnel stability. 

Iterative analysis have been carried out to verify the change of deconfinement, depending on 
the tunnel face cohesion (nails intensity pattern). Increasing the cohesion reduces the deconfine- 
ment and displacements up to a certain limit. When the cohesion reaches 40-50 kPa the decon- 
finement change remains constant. Therefore, to control the ground loosening, also the elastic 
modulus and friction angle of the soil should be improved with additional measures: permeation 


1845 


grouting with ultrafine cement preferably, or jet grouting well in advance excavation starts, but 
other solutions can be implemented as mortar columns or micropiling at the base of the lattice 
girders. These measures would also reduce the effect of induced settlements in top heading. 

Tunnel collapses in benching, unless additional safety measures were applied (i.e. ground 
improvement). Top heading construction also required of ground improvement in order to 
carry out its construction safely, not only from the settlements point of view but also to avoid 
possible collapses of the front. It was proven that, relying only on face nailing cannot be suffi- 
cient to prevent ground relaxation in large size tunnels in non-cohesive soil as in west tunnel. 

Changing the number of sections in which the top heading is divided, from three to two 
drifts helps to speed up the construction without changing the safety levels, provided the 
ground treatments has been included. Conversely, dividing the bench into two stages instead 
of excavating the entire height of the bench in single one, increases the safety level. 

There is no change in the top heading stage because of the elephant feet. These will contrib- 
ute to the support of the upper heading during the bench if they could be built, but in this 
material such feet cannot be made without prior ground treatment of the area in which they 
are going to be installed. Based on such ground treatment, if carried out, the feet became less 
contributory and therefore avoidable. The elephant feet themselves are not a solution for 
a safer benching down in the material in which the tunnel is built. On the other hand, consid- 
ering the length of the pipe umbrellas, it should be noted that the overlapping length in front 
of the face might not be enough to stabilize the forming wedge; this should also be taken into 
account to prevent ground loosening during top heading advance. 

Loose to medium dense sand above the tunnel flow into the excavation area between exist- 
ing gaps of the umbrella pipes. To avoid this, it is important to apply proper grouting and 
achieve a ground arch effect between micropiles by improving the ground. However, inside 
the umbrella pipes there are installed 4 @25 mm steel bars; this increases the steel stiffness, but 
may hinder efficient grouting, which is a critical safety measure in this type of soil tunnelling. 

Regarding the numerical models, it should also be worth noting that the main danger is its 
relative ease of use. Although it can be complex to elaborate a model, it is possible to make it 
work without the necessary knowledge, leading to errors that sometimes are difficult to detect. 
Among the most typical uncertainties associated with a numerical model could be indicated the 
dimensions of the model, the design of the mesh, the boundary conditions, the definition of the 
input parameters, the simulation of the construction phases, etc. But sometimes, the real danger 
is the ignorance of what the outputs mean or even the correctness and validity of the results 
obtained. An extensive experience of the engineers involved in the design, construction and moni- 
toring of the tunnel becomes essential in the case of tunnels excavated with sequential methods. 
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ABSTRACT: As part of Mumbai Coastal Road Project - the connection between Nariman 
Point and Bandra Worli, a total length of 10.58 km - Package IV (MCRP4) includes submarine 
twin tube tunnels. Current Package’s total length is 4,480 m, of which 2,008 m are excavated by 
means of one slurry shield and supported/lined by precast segments. Each tube will accommo- 
date a three-lane carriageway, for an internal diameter of 11 m and an excavation diameter 
12.19 m. To enable the launching and receiving of the TBM, two shafts were constructed at 
North end and South end of the package. The reception shaft is 42m long and 30m wide with 
a depth of 26m below the ground formation level at +3.0 msl. The intention was to disassemble 
the TBM after the first drive to reassemble and relaunch it from the original shaft — the “launch- 
ing shaft”. However, due to logistical constraints, given the project location in a dense urban 
setting, and due to time delays, because of stoppage of works during Covid lockdown, the Con- 
tractor of the project decided to relaunch the TBM from the reception shaft itself by rotating 
the TBM and save approx. 60-75 days. Due to this dynamic need of the project, reception shaft 
was repurposed for relaunching with additional ancillary structures (like Heavy weight modular 
gantry crane foundations, TBM reaction frame, Slurry treatment plant on surface etc.,) in and 
around the shaft which weren’t foreseen during the excavation of shaft. This paper discusses 
design aspects with special focus on challenges which were needed for this repurposing of shaft. 


1 INTRODUCTION 


The Municipal Corporation of the Greater Mumbai (MCGM) - India - planned the completion 
of the ring road seaside started years back with the Bandra-Worli Sea Link. Its completion fore- 
sees packages on sea bridges and one package in tunnel, crossing the southernmost end of the 
Malabar Hill, towards Nariman point. Lombardi Engineering Ltd is working as the Contrac- 
tor’s Designer for Larsen & Toubro, one of the largest Indian contractors. The contract was 
awarded for the construction of the twin road tunnels and ancillary works such as promenade, 
ramps, escape ways, technical buildings, housing the electromechanical equipment. Lombardi 
developed all services related to the civil works for the underground portion for the fire safety 
(including modelling and design of the permanent ventilation) and for the whole communica- 
tion, control, and operation (including the operation and management scenarios). 

The twin tunnels will convey three lanes of traffic in each bore for 3.2 km along Mumbai’s 
coastline, of which 1km will be underneath the Girgoan Chowpatty beach, a landmark for its 
exposure, its prime residential environment and its nocturne illuminated path (the Queen 
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Necklace). Below surface, at either end of the tunnels, technical buildings house Saccardo fans, 
firefighting systems and the tunnel operation staff. A 12.2m diameter slurry TBM is being used 
for excavating the underground portion of the tunnels. Cut & Cover technique (and open 
ramps) complete the project to realise the ends of the tunnels and the link to the further north- 
ern package (new sea bridge) and to the existing road network. Currently, as an October 2022, 
100% of the 2 km long first tunnel bore has been excavated, around 67% of the second drive is 
excavated, and work is ongoing with the Cut & Cover tunnels and the ramps. 
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Figure 1. Alignment of Package 4 of Mumbai Coastal Road Project. 


At the end of the first drive, the TBM was turned in the retrieval shaft to continue tunnel- 
ling for the second drive; such flexibility in design offers potential of time savings and ability 
to reschedule follow-on work. 


2 SITE GEOLOGY 


The project alignment starts from a fluvial plane landform largely modified by human activity, then 
it runs below the recently recreated Chowpatty beach to cross the Malabar Hill cuesta and finish in 
the rocky reef of the western costal margin. Extensive sandy beaches are seen along the western 
shore of Mumbai. Sandy beach of the XVIII was progressively filled in XIX century by disposal of 
made ground and buildings construction. Major geological units encountered along the project 
alignment are man-made fills at top few metres, sand and silty-sands, clay, fresh to highly weathered 
Basalt and Breccia with Shales. Underground excavation on the Worli side for Launching shaft, 
Cut-and-Cover tunnels and Ramps is excavated in Basalt of varying weathering grade below 1-5m 
from the top of manmade reclamation fill surface. Mechanized tunnelling is carried out in Basalt of 
variable weathering grade for about 200 metres starting from Launching shaft after which excava- 
tion is continued into Breccia for the rest of the tunnelling drive with fresh to very slightly weathered 
Breccia under the Malabar hill (overburden around 50-60m), and highly weathered to slightly wea- 
thered Breccia under the Girgoan Chowpatty beach area (overburden 10m-18m). 


3 TUNNEL BORING MACHINE 
The machine to be used for the tunnelling is a Slurry Shield, the main characteristics of the 
machine are as follows: 

Excavation diameter of 12190mm; Anterior shield diameter of 12140mm; Shield diameter of 
12120mm; Shield tail diameter of 12100mm; TBM Curve radius of 350m. Based on the brief 
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geological information the excavation is carried out mainly in Breccia, Breccia with intrusion of 
soil, shale with intrusion of basalt, basalt bed rock. In addition to the particle size distribution, 
permeability of the material to be excavated has been taken into consideration and the proximity 
of the sea makes the hydrostatic state at tunnel face very high and, at same time, makes it very 
likely for high-water flows, often associated with situations of high permeability and cracking. 


4 RECEPTION SHAFT - ORIGINAL DESIGN 


4.1 General 


Reception shaft located on the southern end of the Alignment in Girgoan Chowpatty beach 
was planned to receive the TBMs after constructing both the Tunnels. The shaft was dimen- 
sioned to fulfil this intended purpose as per the initial plan. The shaft is 42m wide and 30m 
long with a depth of 26m below the ground formation level at +3.0 msl. Project alignment 
towards both the southern and northern ends is at very close proximity to the sea. Planned 
reception shaft is just 5-6m away from the sea in the reclaimed land. 


Figure 2. Retrieval Shaft Plan (Top: Bird eye- View of the Shaft, Bottom: Plan of retrieval shaft). 
4.2 Design of the shaft 


4.2.1 Geology 

The current ground level is variable over the considered area. As the tunnel alignment is, in prox- 
imity to the reception shaft, almost parallel to the coastline, the ground above the right-hand 
side tunnel — landward — is higher than the ground above the left-hand side tunnel (LHS). It is 
required, during the shaft excavation, a locally approximately uniform ground level at about 3.0 
mASL, but local variation till an elevation of 4 mASL can be possible according to site neces- 
sities. This is close to the existing beach level at the landward side of the shaft but is above the 
existing level - which is around 0.0 mASL - at the seaward side. For this reason, a layer of fill 
will be placed to create a working platform supported, a few meters away from the excavation 
by a simple retaining structure consisting of Sheet piles. The existing geotechnical units, which 
will be encountered under this newly placed fill are (i) Unit 1, Made Ground, (ii) Unit 2a, Sands 
and Silty Sands, medium dense, (iii) Unit 2b, Clay, firm, (iv) Unit 4b, Breccia with Shale, 
weathering class IV, (v) Unit 4c, Breccia with Shale, weathering class III, (vi) Unit 4d, Breccia 
with Shale, weathering class I-II. The ground model was cautiously defined extrapolating the 
levels deduced for the seaward limit of the excavation, where the bedrock is slightly deeper. 
The parameters adopted here are summarised in the following table. 

Considering the proximity to the sea of the shaft, it was anticipated that good quantity of water 
ingress from the open cuts at the bottom levels of excavation and also during TBM break-out. To 
control this ingress from open cuts the retaining wall were planned to be constructed with 
a coaxial PVC pipe that preserves a free channel to lower suitable drilling equipment through the 
pile and drill from the pile toe to a depth of 6m below the base of the excavation. These two 
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Table 1. Geotechnical parameters. 


Geotechnical Unit From (mASL) To (mASL) Ysat (kN/m3) E (MPa) v (-) œ (kPa) @ (kPa) ko (-) 


Fill +3.0 0.0 20.0 30 0.25 0 34 0.44 
1 0.0 -1.0 16.5 7.0 0.30 2 30 0.50 
2a -1.0 -6.0 17.0 25 0.30 5 34 0.44 
2b -6.0 -8.5 16.5 12 0.30 25 21 0.64 
4b -8.5 -11.0 22.0 500 0.30 60 32 0.70 
4c -11.0 -15.5 22.0 1000 0.25 160 40 0.70 


4d -15.5 - 22.5 2000 0.25 250 51 0.70 


tiome (0) 


LO mas! 


Figure 3. Longitudinal sections of the reception shaft with supporting measures. 


stages of systematic grouting were to be carried out before the start of the excavation and there- 
fore before the installation of the ground anchors. In an unlikely event that seepage, be still 
observed beneath the pile toes during excavation, it is possible to execute a third stage of grouting 
through the remaining secondary piles. A pictorial representation of the same is presented below. 
If the leakage is observed in the lower part of the excavation due to improper grouting or broken/ 
faulty PVC injection pipes, then injection grouting from inside the excavation was to be carried 
out. In principle, inclined drilling to reach from inside the excavation the rock that will be left in 
place without proper grout curtain was done. The proposed approach employs a single stable 
grout mix of micro-fine cement, with superplasticisers to increase penetration, and a grouting con- 
trol process based on a limiting curve with pre-set limits on pressure and volume. 
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Figure 4. Left: Grouting to control seepage from open cut sides foreseen from Inside the piles; Right: 
Grouting from inside the shaft when grouting piles is inexecutable. 
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5 RECEPTION SHAFT - REUSE 


5.1 Need for the reuse 


Initially during inception and detailed design phase, the intention was to disassemble the TBM 
after the first drive in the reception shaft and to reassemble and relaunch it from the original 
shaft — the “launching shaft”. However, due to logistical constraints, given the project location in 
a dense urban setting, and due to time delays during Covid lockdown, the Contractor and 
Detailed Design Consultant of the project have proposed to relaunch the TBM from the retrieval 
shaft itself by rotating (a complete U-turn) of the TBM and save approx. 75 days. Apart from 
TBM shield rotation, it was planned to extract the gantries in single piece from the shaft, park 
them on the surface. 


5.2 Repurposing and additional factors to be considered 


To support this idea of relaunching from the same shaft, (i) additional engineering structures 
(heavy weight modular crane) for lifting and lowering down of the gantries from the shaft to 
ground and back to the shaft (Maximum weight of the gantry is 190 Tonnes), (ii) a TBM Turn- 
ing and sliding mechanism table to rotate the TBM and put in desired location were needed for 
the next drive. Upon the TBM breakthrough into the shaft shield was placed on the Steel cradle, 
which in turn was placed on skidding arrangement for linear and circular rotations. After an ini- 
tial linear skid to get minimum clearances circular skidding mechanism was activated to rotate 
the TBM shield by 178 degrees. After the complete rotation a transverse skid was carried out to 
set the TBM in position for relaunch. 


5.3 Spatial requirements for extraction of gantries and TBM shield rotation 


A total of 3 gantries were to be extracted from the Shaft and parked on the ground for main- 
tenance needs before the next drive. After careful planning of the available space based on the 
as-built conditions, options to retrieve the gantries without any possible clashes were formal- 
ised. In this process, factors such few accessories at the either ends which were protruding out- 
side of gantries and TBM shield were considered. A representative solution for Gantry is 
presented in Figure 5. 


Table 2. Clash detection and possible solutions for retrieval of gantries. 


Gantry Strut 
no. Gantry Dimensions Level Clashes Solution 
1 19.6m (Length) Strut -1 Clash with Diagonal Min. Lateral movement of TBM 
x 8.6m (Width) struts Shield by 2.5m and Gantry by 
Strut -2 No Clash 1.5m towards LHS Side 
Strut -3 No Clash 
2 19m (Length) Strut -1 No Clash Min. Lateral movement of TBM 
x 8.6m (Width) Strut -2 No Clash Shield by 2.5m and Gantry by 
Strut -3 Clash with Diagonal 1.5m towards LHS Side 
struts 
3 27.35m (Length) Strut -1 Clash with Diagonal Min. Lateral movement of TBM 
x 9.4m (Width) struts Shield by 2.5m and Gantry by 
Strut -2 Clash with Diagonal 1.5m towards LHS Side; Reduc- 
struts tion of Length of Gantry to 20m; 
Strut -3 Clash with Diagonal Removal of wheels and extra local 
struts parts adding to the length. 


5.4 Modular gantry crane and its foundation 


To lift the gantries whose maximum weight go up to 190 tonnes into the shaft would require 
a heavy lifting capacity crane. A modular gantry crane to lift maximum load up to 220T was 
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devised for the purpose. This crane requires a very sturdy foundation around the shaft area such 
that deformation at foundation level is as low as 15mm during the operation of crane. The foun- 
dation to carry such high loads right around the shaft had to consider that load transfer shouldn’t 
disturb the serviceability of the existing shaft. Also, as strand anchors were carried out in the 
lower part of the retaining structure, in no case the new foundation should disturb the anchors. 

Various options were studied (Figure 6) which included, a shallow strip foundation, sec- 
ondly, to run the modular crane on the existing secant piles walls and lastly, a deep piled foun- 
dation. Once analysed it was decided that shallow foundation (Figure 7) not only could 
respect the settlement requirement of crane (maximum settlement of 29mm was observed) but 
also caused an increased stress on the adjacent secant piles of the shaft thereby requiring an 
additional stronger strut at the top levels. In the top-level strut, the forces increased by 27% 
and in the second level by 12% due to this kind of shallow foundation arrangement. 
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Figure 5. Gantry - 3 movement plan to avert the clashes with struts. 
Option 2 Option 3 
Shallow foundation Capping beam foundation Deep foundation (bored piles) 


Figure 6. Various Foundation options studied for gantry crane. 


Option for allowing the crane to run over the existing secant piles didn’t respect the end 


bearing capacity requirement of the piled retaining wall and an eventual failure of the berm 
was anticipated. 
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Figure 7. Increment in strut forces due to the crane loaded shallow foundation. 
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Figure 8. Risk of berm failure with crane loaded on the reception shaft secant piles. 


Figure 9. Lateral Deformation analysis studied considering the 3D behaviour of the Piled system in 
STATIK. 
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Finally, the option for Piled foundation was analysed with a single row of 1m dia. pile with 
C/C spacing of 3.2m on either side of the shaft. Piles were evenly spaced between the anchors 
and to ensure there was sufficient space between the piles and anchors such that anchors were 
not disturbed during the piling process as well as lifting of gantries. Upon the analysis, the foun- 
dation piles transferred almost no load to adjacent shaft piles with a maximum lateral deform- 
ation of 8mm as observed by a 3D simulation of the pile foundation system using STATIK 
software and settlement as low as 1-2mm was observed at the top of foundation when fully 
loaded with the crane under operation. 


6 CONCLUSION 


Since the project is in one of the busiest parts of Mumbai and given the size of the TBM is so 
large, the original plan to disassemble and relaunch the TBM from North side would have pro- 
longed the project and added additional risks during transportation. Hence, a deliberate decision 
was brainstormed by Larsen & Toubro and Lombardi to relaunch the TBM from the retrieval 
shaft. To realize this goal the retrieval shaft was repurposed for launching of TBM, and second, 
the effect of heavy loads from Erection Gantry and TBM launching on the shaft was analysed. 
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Figure 10. Left: Pile foundation section adjacent to the secant piled wall; Right: Plan- Pile foundations 
for Modular Gantry crane on the either side of the shaft. 


The main challenge was to create a system that doesn’t not affect the existing shaft by loading 
the support system and could guarantee the functionality of the gantry lifting system under a so 
delicate tolerance. Once analysed, it was observed that the maximum settlement the foundation 
system could undergo is 1.8mm and a lateral displacement at pile top of 8mm. The entire prepar- 
ation of retrieval shaft was completed in record-time of two weeks and the TBM was successfully 
relaunched in under three months. The purpose of this additional structures for relaunch was 
well utilized and TBM was relaunched again in the month of April 2022. As on October 2022 
more than two thirds of LHS tunnel was excavated covering more than 1500m of tunnelling. 
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ABSTRACT: As for the running tunnel section between Wuyuanwan satation-Liuwudian 
station of Xiamen metro line 3, the construction method of “dismantling shield in the subsea 
first, and continually excavating the rest of section by the drilling-blasting method” is 
adopted. It is required to overcome such technical difficulties as shield dismantling in 
a confined space, long-distance single-line transportation, long-distance blind ventilation, pro- 
tection of formed segments, waterproofing of joint structures, etc. The paper systematically 
expounds the transfer technology of various construction methods in Wuyuanwan station- 
Liuwudian station section and mainly introduces the solutions to the above construction diffi- 
culties. It has been proved in practice that this technology can greatly improve the construc- 
tion progress under the premise of guaranteeing construction safety and structural function 
completeness, having reference significance for the subsea tunnel constructed by multiple com- 
bined method. 


1 INTRODUCTION 


At present, the main methods of building subsea tunnels in China are drilling-blasting 
method, shield method and immersed tube method, which are applicable to different hydro- 
logical-geological conditions and have their own representative projects. For example, Qing- 
dao Jiaozhouwan tunnel and Xiamen Xiang’an tunnel were constructed by drilling-blasting 
method, Shiziyang tunnel of Guangzhou-shenzhen-Hong Kong high-speed railway and Shan- 
tou Suai tunnel were constructed by shield method, and Hong Kong-Zhuhai-Macao Bridge 
and Shenzhen-Zhongshan Bridge were constructed by immersed tube method. The develop- 
ment of subsea transfer technology for long tunnel with single construction method is rela- 
tively mature (Du, 2014; Zhang, 2015). In addition, running tunnel section between 
Wangjiawan station-Zongguan station of Wuhan Metro Line 3 was constructed by Mining 
Method + Shield Method (Yang, 2017). The mine expansion cavern was built at the position 
of complete bedrock and filled with low-strength plain concrete. The underwater reception 
was realized by tunneling with a shield machine. However, there are few case studies of subsea 
tunnel in which the drilling-blasting method is used to continually excavate the rest of section 
after shield dismantling in the subsea. This method has technical difficulties such as shield dis- 
mantling in limited space, long-distance single line transportation, long-distance one-end ven- 
tilation, formed segment protection, and joint structure waterproof. 
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2 PROJECT PROFILE 


The running tunnel section between Wuyuanwan station-Liuwudian station of Xiamen 
Metro Line 3 is located 1.3 km to the northwest of Xiang’an tunnel, crossing the east 
sea of Xiamen and connecting main island and Xiang’an district. The total length is 
4.9 km, and the subsea section is about 3.6 km. The tunnel plane is shown in Figure 1. 


Figure 1. Plane position drawing of WuLiu subway tunnel. 


The geological conditions of the strata traversed by the running tunnel section are complex. 
As shown in Figure 2, the tunnel section in the inland region of island is mainly residual soil 
and fully-strongly weathered granodiorite strata. Most tunnel sections in the sea area are 
weakly weathered granodiorite strata and four groups of deep weathered slots. The quartz con- 
tent of weakly weathered bedrock is high, with an average strength of 110 MPa. The section of 
Xiang’an side tunnel is mainly composed of medium coarse gravel sand and fully-strongly wea- 
thered granodiorite. The strata is highly permeable and hydraulically connected with seawater. 


Shield method in land area 869m Mining method in sca arca 2602m Shicld method in sca arca 1451m 
wW nwan Station Air|shaft Construction maod Liuwudian Station 
demarcation 


Medium-weakly weathered granite Medium-weakly weathered granite 


Figure 2. Geological section drawing of WuLiu subway tunnel. 


The construction method of WuLiu section is adopted according to local conditions. The 
inland region of island is constructed by earth pressure balance shield method. The inner 
diameter of tunnel is 5.5 m and the single line length is 869 m. The bedrock surface of the 
middle sea area is relatively high, and the drilling-basting method is adopted. The horseshoe 
compound lining structure is selected, and the single line length is 2602 m. Xiang’an side 
tunnel is constructed by slurry balanced shield method. The inner diameter of tunnel is 6 m, 
and a 250 mm space is reserved for secondary lining. The single line length is 1451 m. The 
drilling-blasting tunnel starts from the shaft on the shore of main island, and the slurry shield 
tunnel starts from the Xiang’an Liuwudian station. The two tunnels are constructed toward 
each other and transferred in the sea area. 


1856 


Structural center! aa 
ack cente > © O| ' 
Trecheonieng 2 cas j Track centerline 
Evacuation Aneuatign 
| platform Hiatform 
Track surfage Track surface 
x 
ray 
150) 6600 150 350.4} 5500 B50 
8100 250 6700 250 
(a) Section drawing of drilling-blasting method (b) Section drawing of slurry shield 
g 


Figure 3. Section drawing of WuLiu subway tunnel. 


3 SCHEME OF CONSTRUCTION METHOD TRANSFER 


The geological conditions of cross-sea tunnel are extremely complex, and there are many 
uncertain factors in the construction process of shield tunnel and drilling-blasting tunnel, so 
the construction schedule is not stable and it is difficult to ensure that the scheduled docking 
point is reached at the same time. On the other hand, subject to the strata adaptability of dif- 
ferent construction methods, the docking points cannot be changed at will. Reasonable solu- 
tion of this contradiction is the key to ensure the goal of the construction process. 

The construction of slurry shield in WuLiu section reached the scheduled docking point in 
July 2018. At this time, the drilling-blasting tunnel was affected by the construction progress 
of weathered slot, and there was still 1.5 km to be completed. Therefore, the scheme of con- 
struction method transfer was developed: the shield machine was dismantled in situ, and the 
tunnel face was excavated by drilling-blasting method continually (this working face is called 
the receiving side) until the tunnel was transfixed. 

The steps of construction method transfer include: (1) Determining a section with relatively 
complete bedrock as the construction method transfer point, and reviewing the geological con- 
ditions of the working face by means of geophysical exploration, advanced drilling, observa- 
tion in bin; (2) The shield machine and adjacent segments were backside grouting, mechanical 
tensioning and welding; (3) Dismantling the shield machine in situ, and retain the outer shield 
shell; (4) Uing the formed shield tunnel to build ventilation, drainage, power supply and trans- 
portation facilities required by drilling and blasting construction; (5) Under the premise of 
taking effective protection measures for the formed segments and shield shell, the controlled 
blasting excavation is carried out; (6) The permanent structure of the construction method 
transfer section is constructed, and the mining tunnel lining, shield shell and shield segment 
are connected as a whole. The overall execution steps are shown in Figure 4. 


4 SCHEME OF SHIELD DISMANTLING IN TUNNEL 


4.1 Parameters of shield machine 


Herrick air-cushion slurry balanced shield machine (S-1058) is used in the WuLiu section, the 
total length of the shield machine is 107 m and the total weight is 750 tons. The main shield is 
11.3m long and consists of a front shield, a middle shield and a tail shield. The middle shield 
and the tail shield are connected by passive hinged connection. The cutter head is of spoke- 
panel composite style, and the diameter is 7020 mm. It is equipped with 133 kinds of cutters, 
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Figure 4. Flow chart of construction method transfer. 


including 43 hobs. The rear complement is equipped with 6 pallet cars, the total length is 
about 94m and the weight is about 295 tons. 


4.2 Preparation before dismantling 


The following preparations should be made before the shield dismantling: (1) empty the excava- 
tion bin and slurry pipeline, (2) complete the relevant reinforcement measures, such as grouting 
behind the segment, segment longitudinal tension. The gap between the tail shield and segment is 
closed by annular steel plate, and injected with micro expansion cement slurry to make it com- 
pact. The hinged pin between the middle shield and the tail shield is fixed by welding, (3) complete 
the cleaning and labeling of mechanical parts to facilitate reassembly, (4) build temporary facil- 
ities of wind, water and electricity for fire work, and pay special attention to ventilation condi- 
tions in the tunnel (Li et al., 2015). 


4.3 Scheme of dismantling 


Shield dismantling generally follows the sequence from back to front and from inside to outside. 
Firstly, the thrust oil cylinder is removed, and the system of wind, water and electricity is cut off. 
Then, it is removed according to the sequence of rear complement pallet cars - segment assembling 
machine and walking beam - H frame - slurry pipeline - person bin and material bin - cutter 
motor - gravel crusher - cutter and main drive (Fang and Hong, 2012; Zhang and Zhang, 2014). 


Figure 5. Shield dismantling site. Figure 6. Schematic diagram of shield cutter segmentation. 
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The rear complement is divided into 1 group every 2 sections, which is separated into 3 
times to drag out of the hole. The outer track of the pallet cars is generally only 200 m long, 
so the rear track needs to be removed to lay the front track, which is used in this cycle. 

The main shield and cutter of the shield are dismantled in the tunnel, and the vertical move- 
ment is completed by using the inverted chain. The rail flat car is used to transport main 
shield and cutter out of the tunnel, as shown in Figures 5. The cutter is segmented into 13 
pieces. Firstly, pieces No. 4, No. 8 and No. 12 are welded and fixed with the shield body. 
Then, pieces No. 5, No.6 and No.7 are segmented, and the lower space is used as a sliding rail 
and fixed bracket. The cutter is segmented in symmetrical blocks from top to bottom, and 
finally pieces No. 4, No. 8 and No. 12 are segmented in sequence, and the center piece (piece 
No. 0) is transported out, as shown in Figure 6. 


5 SCHEME OF DRILLING-BLASTING METHOD TRANSFER 


5.1 Construction transportation 


To save project cost and avoid duplicate construction, the track-bed backfill is used as track- 
less transportation pavement after the retesting of shield tunnel alignment. According to the 
requirements of building limits and vehicle limits, the backfill height does not exceed 600 mm, 
which can form a traffic space with a width of 3.6 m and a height of 4.2 m, as shown in 
Figure 7. After the civil construction is completed, only the road surface needs to be chiseled 
and cleaned before the roadbed structure can be constructed. 


1.2m Ventiduct 


Pedestrian passage 


High pressure water pipe 
Sewage pipe 


Figure 7. Trackless transportation road. 


As shown in Figure 8, there is a cross passage at 15 m behind the tunnel face of the receiving 
side in the WuLiu section. Taking this as the dividing point, the construction transportation 
at the receiving side is divided into 2 stages: Before the construction of the cross passage, the 
tunnel solo shall be excavated for 15 m. The vehicle reverses to the tunnel face, and drives out 
of tunnel in the forward direction after loading muck. After the construction of the cross pas- 
sage, the vehicle can be turned around through the passage to achieve normal driving. At the 
same time, the left line working face (back row hole) is opened to facilitate the reception of 
shield machine in the left line, and the dismantling efficiency can be greatly improved. 


5.2 Construction ventilation 


According to the ventilation method, the ventilation at the receiving side is divided into 2 
stages: the air is supplied by wind pipe before shield dismantling in the left line. After the 
shield arrived and dismantled in the left line, the cross passage is used for alleyway type venti- 
lation (Liu, 2001). Two axial fans with 1.2 m diameter wind pipes are used in the right line to 
press the air to the excavation face. There is a jet fan behind the cross passage in the right line. 
The jet boost is used to force the dirty air to enter the left line through the cross passage, form- 
ing an air flow circulation system, as shown in Figure 8. 
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Figure 8. Ventilation system layout in the Second stage. 


5.3 Construction drainage 


The sources of wastewater are mainly construction water at the tunnel face, structure leakage 
water (mainly the extension seepage of the drilling-blasting method) and water from the 
advanced exploration holes at the tunnel face. The water volume of the first two changes little, 
which can be predicted and controlled. While, once the advanced exploration hole penetrates 
the water layer or the fissure zone, it is difficult to control the sudden water bursting. At the 
drilling-blasting tunnel in WuLiu section, under the same geological conditions, the water 
yield from the drilling hole once reached 120 L/min, and the water pressure was 0.6 MPa, 
which basically reached the hydrostatic head pressure of the sea surface. Therefore, the tem- 
porary drainage must take account of the condition of the sudden water in the drilling hole. 

The wastewater of the receiving section adopts 2 stage improvement, and sedimentation 
tank and transfer tank are set in the cross passage, and the construction wastewater is reused 
or discharged after reaching the standard through the tunnel face water collection pit - trans- 
fer tank - wastewater treatment station. The pump flow at the tunnel face and transfer point is 
not less than the predicted water volume, and all of them are one for use and one for standby. 
The effective volume of the transfer pumping station is not less than the pumping capacity of 
one pump for 10 min. 


5.4 Protection measures for blasting construction 


The working face of continually drilling-blasting method is about 1.5 m from the shield shell 
cutting ring (cutter height + expansion) and about 10.5 m from the tail shield segment. Blast- 
ing vibrations and flying rocks may cause damage to existing structures. Thus, vibration 
damping and protection measures must be taken. 

Vibration control standards refer to “Safety Regulations for Blasting” (GB6722-2014). The 
vibration control value of the existing traffic tunnel is 12~15 cm/s for underground deep hole 
blasting, but the shield tunnel at the receiving side is not yet sealed. The vibration speed shall 
be reduced as much as possible on the basis of meeting the construction requirements. Blasting 
vibration control measures (Yang and Zhang, 2010) mainly include: (1) Shortening the exca- 
vation footage: it is estimated that the single section of the trenching hole in the first cycle is 
0.9 kg, the footage is 0.6 m, and the vibration velocity of adjacent segments is about 5 cm/s. 
(2) Control the interval of blasting segment: electronic detonators are used for cutting holes, 
and 1~19 segments of high-precision detonators are used for auxiliary holes, and the deton- 
ators are detonated by jumping sections. (3) Optimize the arrangement of shell holes: accord- 
ing to the field monitoring results, the peripheral damping holes are added. 

Anti-flying stone measures (Li, 1999) mainly include: (1) Before each blasting construction, 
two layers of protection shall be hung between the cutting ring and the tunnel face. The first 
layer is wire rope net with aperture of 90 mm x 90 mm. The 8 evenly distributed points 
around are fixed with auxiliary steel hooks welded on the shield shell. In addition, the wire 
rope net is covered with waste tires, as shown in Figure 9. 
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Figure 9. Flying stone protection facilities. 


This protection layer can block large pieces of debris and some small diameter flying stones. 
The second layer is the blasting cover, which can be used as waste quilt or tire woven fabric, 
and this protection layer can block the remaining smaller particles flying out. (2) The blasting 
cover is used to cover the inside of the shield shell and the adjacent 20 segments, and the blast- 
ing cover on the side wall and vault is fixed by using the bolt hand hole. 

Under the above measures, the site blasting construction progresses smoothly, and no 
damage or cracks are found in the existing structure. The displacement monitoring results are 
normal, and the protection means receive good results. 


6 JOINT STRUCTURE AND WATERPROOF 


As shown in Figure 10, the structure of construction method transfer is divided into three sec- 
tions: (1) Horseshoe lining reinforced section: the initial support of the drilling-blasting tunnel 
within 10 m of the shield shell is added with grille arch frame on the basis of shotcrete con- 
crete. (2) Shield shell + mold bulid lining: the tunnel section structure from outside to inside 
is: outer grouting filling layer of shield shell, shield shell, 100mm shotcrete concrete screed- 
coat, waterproof layer, reinforced concrete lining. The inner diameter of the forming tunnel is 
5.5 m. (3) Segment + mold bulid lining: within the range of 6~7 ring pipe pieces at the tail 
shield, 250 mm space is reserved for reinforced concrete lining by using the clearance in the 
shield tunnel. The inner diameter of the forming tunnel is 5.5 m. 
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Figure 10. Elevation drawing of construction method transfer structure. 


The last ring of tail shield adopts a special segment with steel plate pre-embedded in the side, so 
as to make a boot-shaped ring beam at the lock position later, and solve the fixing and water- 
proofing problem of the tail end of shield tunnel. The ring beam reinforcement and embedded 
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Figure 11. Structural drawing of post-poured ring beam. 


steel plate are welded and connected with the shield shell in situ, and two rubber water stop belts 
and repeatable grouting pipes are embedded in the joint position, as shown in Figure 11. 

The construction method transfer section is the key of the construction process transform- 
ation and structural section change of the tunnel, and also the weak of the force and water- 
proof of the whole tunnel structure, especially the shield shell section. The grouting 
compactness behind the shield shell section has a great influence on the structural stability. 
The longitudinal stiffness and the waterproof performance of the tunnel can be increased by 
constructing the whole cast-in-situ lining in the whole construction method transfer and the 
extension section on both sides. 


7 CONCLUSION 


For tunnel engineering, especially the cross-sea tunnel, it is not uncommon to see great differ- 
ence in site range and strata. It is a recommended solution to combine two or more construc- 
tion methods. Based on the engineering case of WuLiu section of Xiamen Metro Line 3, this 
study introduces a construction method transfer technology which adopts drilling-blasting 
method to continually excavate after the shield dismantling, and discusses the key links and 
special schemes of the process respectively. The tunnel was successfully completed in Septem- 
ber 2020. After applying transfer technology, the connecting side extended into the sea for 
nearly 500 m, greatly alleviating the construction period pressure and achieving the expected 
goal of the scheme. 

The technical experience of engineering can not only provide reference for similar tunnel 
construction of multi-method combination, but also the shield dismantling technology, auxil- 
iary ventilation and transportation technology can be applied to the temporary inclined shaft 
of shield method construction, and the shield docking in the ground. 
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ABSTRACT: Yielding elements as a part of the shotcrete lining represent the state-of-the- 
art for tunnelling in overstressed weak ground conditions. They avoid an overstressing of the 
shotcrete lining during the early curing process. A novel yielding element is introduced, which 
overcomes existing systems’ drawbacks. The innovative system is lightweight and allows for 
rapid installation. Furthermore, the modular setup of the element permits on-site adaption to 
react to actual deformation patterns and changing ground conditions. Recent experiences 
from an application in an alpine base tunnel in overstressed weak ground conditions are 
presented. 


Keywords: Tunnelling, Yielding Principle, Ductile Lining, Overstressed Weak Ground, 
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1 INTRODUCTION 


Overstressed weak ground conditions relate to significant and long-term deformations 
encountered during tunnelling in weak/faulted rocks under high in-situ stress. Deformations 
in such ground conditions highly depend on the applied excavation- and support concept 
(Radončić, 2011), but typically range up to several tens of centimetres. Based on the direct 
relation between rock pressure and deformations (Fenner, 1938; Pacher, 1964), two design 
principles to deal with overstressed weak ground conditions in tunnelling are available: (i) the 
resistance and (ii) the yielding principle. The resistance principle relies on a rigid support 
system withstanding the rock pressure without facing inherent damage at minimized deform- 
ation. However, the applicability of the rigid lining concept is limited to minor stressed, weak 
ground conditions and is often accompanied by an uneconomic increase in support require- 
ment. The yielding principle allows tunnelling in heavily overstressed, weak ground conditions 
with reasonable support requirement (Anagnostou & Cantieni, 2007). 


2 WORKING PRINCIPLE OF YIELDING ELEMENTS 


The yielding principle relies on the fundamental relationship of decreasing support capacity 
requirement with increasing tunnel deformation. A shotcrete lining with yielding elements gen- 
erates a high support resistance (e.g. compared to steel sets) and allows for controlled deform- 
ations at an economic scale. This system enabled successful and cost-effective tunnelling in 
many geotechnical challenging projects (Schubert, 1996; Wittke et al., 2005; Kovari, 2009; 
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Barla et al., 2011). Radial displacements caused by the rock pressure are transformed into 
a tangential closure of the ductile lining (Figure 1). Therefore, the yielding elements’ load- 
dependent stiffness must be less at any time than the time-dependent stiffness of the shotcrete 
to avoid overstressing during the essential curing process. As the displacement development - 
affecting the load-dependent stiffness of the yielding elements - is face-distance and time- 
dependent, high flexibility of the excavation- and support concept during tunnelling is 
necessary. 

Various yielding elements have been developed over the past decades, with a mainly pro- 
ject-specific layout (Moritz, 2011; Schubert & Brunnegger, 2017). The yielding elements either 
rely on specific steel-based solutions or compressible concrete materials. A specific and unique 
load-displacement curve characterises the individual elements, with minor flexibility when 
changing geological-geotechnical conditions are encountered. 


Yielding 
elements 


Shotcrete 


lining ~ 


\Rock bolts 


Figure 1. a) Schematic illustration of a ductile shotcrete lining with yielding elements; b) Example of 
a tunnel with 3 rows yielding elements; (Photo: Entfellner, 2022). 


Adequate application of yielding elements requires a high level of geotechnical knowledge, 
daily 3D absolute displacement monitoring and a flexible construction process to cope with 
variable ground conditions. Especially anisotropic displacements in combination with slender 
yielding elements can cause shear failure of the lining induced by tilting of the elements, when- 
ever they are incorrectly placed. Cracks and spalling of the shotcrete in the vicinity of the 
yielding elements can occur, if the stress-strain behaviour of the elements is too stiff. Monitor- 
ing data interpretation is essential to optimise the performance of the yielding elements. 

The disadvantages of actual yielding elements indicated the following demands for opti- 
misation: (i) reducing the weight for rapid and accurate installation, (ii) increasing the flexibil- 
ity of the stress-strain behaviour and (iii) increasing the stability against tilting by geometrical 
optimization. Based on the requirements listed above, a new yielding element was developed. 


3 YIELDING ELEMENTS MADE OF HIGH-STRENGTH EXPANDED 
POLYSTYRENE 


Polystyrene is a synthetic hydrocarbon polymer made from the so-called monomer styrene 
(Scheirs & Priddy, 2003) and is typically used in thermal insulation and foundation. The mater- 
ial’s inherent mechanical properties are ideal for tunnelling applications. The closed-foam cellu- 
lar structure forms a rigid and resilient material with a high strength-to-weight ratio. Therefore, 
the strength and stiffness of expanded polystyrene (EPS) directly depend on the specific weight 
of the material, ranging for tunnel application from approximately 100 kg/m? up to 410 kg/m’. 
This density range refers to a High-Strength Expanded Polystyrene (HS-EPS). 
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3.1 Introduction to HS-EPS yielding elements 


The novel yielding element of Figure 2 consists of a group of layered panels with a defined 
height of 50 mm. The panels form a cuboid shape with an arbitrary base area (length/depth). 
Experience showed preferable total element heights of 15 cm to a maximum of 30 cm (three to 
six staggered panels). The modular sandwich construction allows for project-specific dimen- 
sioning of the element. The element can be combined independently of the panel’s specific 
weight. However, the combination of the panels significantly impacts the mechanical proper- 
ties of the element. 

The combination option of the element is the most vital technical benefit since it allows for 
achieving various stress-strain configurations to fit to practically all geotechnical conditions. 
The cuboid shape allows entire load transfer between the segmented shotcrete lining. Differen- 
tial deformations, either in longitudinal or radial directions, are imprinted and counterbal- 
anced by the elastic flexibility of the material. Therefore, the element is less vulnerable to 
tilting or overturning in case of anisotropic displacements. Depending on the panel configur- 
ation and size, the yielding elements have a weight of only 10-20 kg. 


yubie4 


k | y 


Figure 2. Layout of a HS-EPS yielding element with the dimension 800x250x300 mm (LxWxH) and 
a total weight of 10-20 kg. 


3.2 Mechanical behaviour of HS-EPS yielding elements 


HS-EPS exhibits a non-linear hyper-elasto-plastic stress-strain behaviour under uniaxial 
compressive loading conditions. The stress-strain behaviour shows three phases (Chen 
et al., 2015), as presented in Figure 3a). Linear-elastic behaviour characterises the first 
phase of deformation. Then, with an increasing axial compressive load, the stress-strain 
curve deviates from the initial linearity until the material’s yield point is reached (i.e. 
between 2 to 5 %). The specific yielding point defines the transition to the yielding 
phase. Within this range, the stresses in the element increase only moderately, while 
deformation increases substantially. Finally, the densification phase with a high stiffness 
increase concludes the deformation process. 

The inherent stress-strain behaviour of HS-EPS fits ideally to the desired requirements for 
yielding elements. No complicated geometric adjustment is required, but it can be achieved 
with a simple cuboid element. Polystyrene has good durability since it is non-biodegradable 
and chemically inert in soil and water (Horvath, 1994). Polymeric flame retardants are added 
to prevent ignition. 

The specific material behaviour was tested in small-scale and large-scale laboratory tests 
(Implenia & RWTH Aachen, 2020). Small-scale unconfined compressive strength tests investi- 
gated the yield strength, the pre-yield-deformation modulus and the yield modulus concerning 
the material’s specific weight (Entfellner et al., 2022). The mechanical parameters are non- 
susceptible to the strain rates typically occurring in tunnelling (« 1 mm/min) (Ouellet et al., 
2006). 
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Figure 3. a) Typical stress-strain curve of standard HS-EPS showing linear-elastic, plateau and densifi- 
cation phase; b) Tested configurations of HS-EPS (grey-shaded) compared to available yielding elements. 


The tests indicate the development of a compaction band in the centre of the sample as it is 
compressed (Figure 4). This allows absorbing stresses even at high strains. The lateral strain 
during compressive loading remains very low, suggesting pronounced axial compaction, 
which allows the utilisation of the material as a yielding element. 
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Figure 4. Small-scale unconfined compressive strength testing with sample dimension of 


42x42x100 mm (LXDxH) and aspect ratio (H/D) of 2.4. 


Large-scale unconfined compression tests investigated the specific stress-strain behav- 
iour of various panel compositions. Homogenous elements show a combined deform- 
ation behaviour as ”one” element, while within heterogeneous layered elements, the 
weaker panels initially start to deform. Small and large-scale tests with similar configur- 
ations show similar results, indicating that both scale and aspect ratio have a marginal 
influence. 

The density of the HS-EPS material is the governing parameter for the stress-strain 
response. In addition, the modular sandwich layout of the element allows a differing alternat- 
ing arrangement of panels to control the stiffness requirements. The flexibility and wide range 
of applications are shown in Figure 3b). 


4 SYSTEM BEHAVIOUR WITH HS-EPS YIELDING ELEMENTS 


The transformation process of laboratory testing to field scale application was carried 
out in a test section with weak ground conditions at the Semmering Base Tunnel, Lot 
1.1. Within a 10 m long section, a series of 40 symmetrically positioned HS-EPS yield- 
ing elements were installed (Figure 5). A panel composition ranging from 230 kg/m? 
up to 410 kg/m? and an element dimension of 800x250x300 mm (LxWxH) was applied. 
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The section is situated in a fault zone characterised by highly tectonically disturbed cataclas- 
tic mica schists at a moderate overburden of 160 m. The foliation strikes almost orthogonal to 
the tunnel axis and dips steeply against the heading direction. The unfavourable geological 
conditions demanded a sequential excavation with a top-heading (55 m°), a benching (14 mô 
and invert excavation (10 m°). The support consists of a 30 cm shotcrete layer, four rows of 
yielding elements and systematically arranged fully-grouted rock bolts. The yielding elements 
were situated at the shoulders and upper sidewalls. The elements are installed between two 
lattice girders, fixed to the first layer of wire mesh, covered by a plate and finally integrated 
into the shotcrete lining. 

Monitoring included two monitoring sections (MS 3644 and MS 3649) with nine targets 
each and two pressure cells mounted directly on the yielding elements to monitor the hoop 
stresses in the tangential direction of the lining. 

Figure 6 shows the vector plot of displacements at MS 3649 with 20x exaggeration. The 
monitoring targets are located close above and below each yielding element (YE). The section 
is characterised by comparable high deformations up to 210 mm. The relatively isotropic dis- 
placement pattern can be linked to the geological conditions encountered since the rock mass 
is more or less structureless due to the governing proportion of cataclasite - only a marginal 
longitudinal-vertical (L-V) vector orientation against the direction of excavation following the 
foliation is present. 
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Figure 5. Setup of the HS-EPS test section with 3D absolute displacement monitoring and pressure 
cells, shown in a) longitudinal section; and b) cross-section. 


The three displacement vectors in the crown show an almost vertical displacement, 
causing a good compression of the yielding elements in the shoulders. The compression 
can be seen from the deviating V-H vector orientation in the cross-section of neigh- 
bouring targets above and below the elements. After ring closure (kink at readings of 
lowest targets), the yielding elements in the upper sidewalls also experienced a higher 
compression. 

Figure 7 shows the time-displacement plot at MS 3649. The initial high displacements at the 
left sidewall are related to the slight foliation superimposed by the low-grade anisotropy of the 
fault zone. Initial displacements increased to 40 mm within 24 hours at a distance of 2 m to 
the tunnel face. The continuation of benching and invert excavation triggered a significant sec- 
ondary increase in displacements, leading to an increase of displacements, especially at the 
side walls. A state of equilibrium, with no additional increase in deformations, was present 
when the excavation was on hold temporarily. With continuation of excavation works, slight 
deformation increase was observed. Deformations accumulated to a minimum of 160 mm 
(target no. 33 @ right shoulder) and a maximum value of 210 mm (target no. 4 @ left 
sidewall). 
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Figure 6. Vector plot at monitoring section MS 3649, showing displacements in cross-section with geol- 
ogy (left) and longitudinal section (right). 
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Figure 7. Time-displacement graph at monitoring section MS 3649, showing V-H absolute displace- 
ments (top) and construction phases (bottom). 
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Figure 8. HS-EPS yielding elements in the Semmering Base Tunnel, showing a,b) installation process; 
c) deformed elements; and d) overview of the left sidewall with two rows of yielding elements; (Photos: 
Entfellner, 2021). 


5 CONCLUSION 


Applying a ductile support system favours controlled and economic excavation works in 
overstressed weak ground conditions. Compared to other ductile systems, the application 
of yielding elements allows a good utilization of the support capacity and thus enables 
successful tunnelling in many geotechnical challenging projects. 

The key to success lies in a high level of geotechnical understanding to optimise the yielding 
elements’ stress-strain behaviour and spatial positioning. In addition, changing geological con- 
ditions demand a flexible excavation- and support concept during tunnelling. 

The drawbacks of existing yielding elements are their inflexibility in terms of rapid adjust- 
ment of the stress-strain behaviour and their high weight - making them challenging to handle 
on-site and hence time-consuming for installation. Therefore, the novel HS-EPS yielding elem- 
ent was developed to compensate for these disadvantages. 

The lightweight HS-EPS yielding element (~10-20 kg) significantly reduces the time- 
critical installation process in the heading, positively impacting costs and time. Fur- 
thermore, flexible, project-specific adjustment of the stress-strain behaviour even on- 
site due to the modular configuration of the panels (sandwich construction) is possible. 
The element size can be chosen flexible and, if necessary, adjusted directly on-site. The 
cuboid shape of the HS-EPS yielding element allows for full-surface transmission of 
the tangential forces into the shotcrete lining, thus providing more resistance against 
tilting in the case of high differential deformations. 

The novel HS-EPS yielding elements have already been used successfully in the geotechni- 
cally challenging Semmering Base Tunnel and Brenner Base Tunnel, as shown in Figure 8. 
Monitoring is currently being carried out to analyse the long-term in-situ behaviour of the 
elements. 
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ABSTRACT: Since its opening, in 2011, Algiers Metro has been the object of several expan- 
sion works, presenting nowadays an approximate length of 13.50km and fourteen stations. 
Extension E, connecting El Harrach Centre to the new terminal of Houari Boumedienne Inter- 
national Airport, is currently under construction and involves the execution of a 9.50km double- 
track TBM tunnel, as well as nine underground stations and ten ventilations shafts. Located 
below a busy crossroads of the Algerian capital, the Beaulieu Station, despite initially conceived 
as a typical cut-and-cover station, was deeply reshaped and is now characterized by a very intri- 
cate layout comprised of four open-air excavated bodies (with excavation’s spans and maximal 
depths of around 25m and 32m, respectively) and two large-diameter (19m) underground galler- 
ies. Its geological context, essentially composed of heterogenic quaternary sandy and clayey 
deposits (water table placed at a 20m depth), the urban environment of the area and the resulting 
need of an efficient deformation control, in addition to the impossibility of employing prestressed 
ground anchors, led to the adoption of a solution consisting of pile walls and several levels of 
robust steel strutting systems, combined, on what concerns the station’s central shaft and due to 
the need of quickly restoring surface occupation, with a top-down executed roof slab. In turn, the 
little overburden heights (OH) of the underground galleries excavated by means of the conven- 
tional tunneling method (of roughly 10m) and their proximity to nearby vulnerable buildings led 
to the adoption of an important soil treatment around the galleries, stiff pre-supports and pri- 
mary linings, as well as of very restrictive excavation procedures, besides other additional meas- 
ures. A complex ramp system was developed as a way of, apart from providing horizontal access 
to all excavation fronts in safer conditions, overcoming the imposed schedule constraints. This 
paper describes the geological and geotechnical site features, as well as the overall conception and 
executive procedure of such Station. 


1 INTRODUCTION 


Located in the Mediterranean coast of Algeria, the capital Algiers, “la Blanche”, is a densely 
populated city, with over 4.5M inhabitants. From the Phoenicians to the Ottomans or the 
French, Algiers vast and complex history is deeply craved in its buildings of great monumental 
value. Among numerous centenary buildings dating from the French occupation decades 
(some of which severely damaged by the intense seismic activity of that region), the impressive 
ancient citadel built in the XVI century, the old “Kasbah”, clearly stands out and is nowadays 
classified as UNESCO Weorld Heritage. 

The rapid development of the city led to the need of its endowment with adequate transport 
infrastructures, being the first studies of what would later become the Algerian metro 
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network. Idealized in the late 70s and early 80s, after a turbulent initial period of roughly fif- 
teen years during which, and due to different reasons, only four stations were completed, 
Algiers Metro was officially launched on the November Ist, 2011, becoming, at that time, 
the second infrastructure of such nature in the entire African continent. 

The station addressed in this paper is part of Extension E, which, when completed, will con- 
nect Gare de El Harrach with the new terminal of International Airport Houari Boumediene 
and, in this way, cope with its increasing demand. This endeavor comprises nine underground 
stations and ten ventilation shafts placed along a 9.6km-long double track TBM tunnel. 

In turn, Figure | presents the general layout of Algiers Metro, where one can identify not only 
the lines in operation (Lot 1 solid blue) but also the extensions which works are currently ongoing 
(Lot 1 and Lot 2 dashed red lines) or studies under development (Lot 3 solid magenta lines). 


Figure 1. General layout of Algiers metro system. 


2 OVERVIEW 


The detailed design of Extension E civil works was awarded by the Algerian contractor Cosider 
to the Portuguese consortium formed by TPF Consultores de Engenharia e Arquitetura and Fer- 
consult. Nowadays, the whole contract is managed by TPF, after total handover of responsibil- 
ities. The preliminary studies (“Avant-Projet Détaillé”, APD) were developed by the Consortium 
Dongmyeong, Eurostudios and Saeti and the employer is Entreprise Métro d’Alger, EMA. 

Within the framework of such APD studies, Beaulieu Station was conceived as a typical cut- 
and-cover station, with a regular geometry and two accesses in its eastern top. The excavation 
was to be undertaken employing 1.5m-thick diaphragm walls, properly supported by means of 
four levels of tubular struts as well as eight levels of ground anchors, being its pre-support assured 
by a 3.0m-thick jet-grouting bottom slab. Figure 2 schematically represents such solution. 


eC HDRES. 
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Figure 2. Cross section (a) and plan (b) of the APD solution. 
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However, constraints of different nature led to the need of moving the station direction 
East and drastically change its conception. In fact, Technical Zone North (L 31.60m; 
W 15.4m; D 19.4m), including its access ramp (L 16.0m; W 8.7m; D 12.0m), was the only 
body which remained almost unaltered. In contrast, Technical Zone South (L 37.0m; 
W 18.4m; D 19.0m) was repositioned, being now located below the football pitch of Lycée El 
Beyrouni, between a classroom building (at West) and a Police Station (at East), while the 
crossroads of Boulevard Sidi Okba and Avenue Ahmed Hamidouche was the place chosen to 
locate the station’s Central Shaft (L 37.0m; W 25.0m; D 32.3m), from which two large- 
diameter underground galleries (L50.0m; @19.0m; OH 10.2m), direction West-East, depart. 
On top of such galleries, two additional underground chambers (L20.0m; @11.6m; OH 15.4m) 
needed to be executed, to assure TBM reception and relaunch. Figure 3 presents the location 
of the station, as well as some of the nearby buildings. 


Figure 3. Beaulieu Station location (a) and nearby buildings (b). 


3 GEOLOGICAL AND GEOTECHNICAL OUTLOOK 


Two geological survey campaigns, which included both eight boreholes and a considerable 
quantity of in-situ tests (16x SPT, 71x Menard Pressiometer, 2x crosshole), as well as a wide 
number of laboratory tests (160x identification, 14x compression, 12x shear box, 6x oed- 
ometer, 3x triaxial, 4x permeability, 1 chemical analysis), allowed the definition of the geo- 
logical context in which Beaulieu Station is inserted. 

In summary, and after a top layer of recent landfill deposits (Re), it comprises intercalations of 
sedimentary formations of the Quaternary Period: clayey sands (Qs) of the crown level of the 
underground galleries followed by a thick silty clay horizon (Qa), below which a thin layer of 
sands with sandstone intercalations (QMs) is found, which, in turn, lays on top of a conglomerate 
(QM-C) unit. The phreatic line is placed at a 20m depth, in accordance with the data collected 
from the piezometers (3x electric, 1x open) installed. Table 1 summarizes the geotechnical 
parametrization for each geological unit and their stratification can be visualized in Figures 4 to 7. 


4 ADOPTED SOLUTIONS 


4.1 Open-air excavations 


The urban environment in which Beaulieu Station is inserted and its proximity to nearby struc- 
tures represented a major concern, implying the need of effective deformation control procedures. 
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Table 1. Geological and geotechnical parametrization. 


Unit Re Qs Qa QMs (1)  QM-C QMs(2) QM 


Depth (m) 0.0-4.5 3.0-13.5 9.0 -33.0 22.5 -38.5 30.5 - 45.8 35.0 -48.0 >48.0 
Ywa (KN/m?) 20/17 20/17 20/17 21/18 21/18 21/18 20/17 
Yary (KN/m3) 20/17 20/17 20/17 21/18 21/18 21/18 20/17 
su (kPa) 30 ; 2.0(z-9)+122 - 1.9(z-30.5)+173 - 193 
Eu (MPa) 12 : 1.2(z-9)+73 - 1.1(z-30.5)+104 - 115 
PAO) 20 33 21 35 26 35 22 

c’ (kPa) 0 0 25 0 35 10 35 

E’ (MPa) 10 65 70 90 96 120 100 
K0 (-) 0.50 0.60 0.65 0.50 0.60 0.50 0.60 


In fact, it should be highlighted that those buildings (some of which in vulnerable condition) pre- 
sent heights up to up to 7 stories and were extremely close to the excavations to be executed (only 
few dozens of centimeters, in the case of Central Shaft and Technical Zone South). 

In turn, preliminary tests on ground anchors delivered non-acceptable results, which impeded 
the use of such technology. Finally, it is important to highlight the tight schedules to be dealt 
with, since, on the one hand, surface occupation was supposed to be restored as soon as possible 
and, on the other hand, the station needed to be fully excavated and a significant part of its 
definitive structures (both underground galleries definitive inverts and Central Shaft’s bottom 
slab) concreted before the TBM crossed the station. In addition, it is still worth mentioning the 
fact, that, as a result of the need for reshaping the station, architecture detailed design and many 
other multidisciplinary studies were developed in parallel with the excavation detailed design. 

At the light of the above-mentioned constraints, open-air excavations were retained by @800// 
1.10m (Northern Access) or @1000//1.30m pile walls properly supported by several levels of steel 
strutting systems, mainly composed of $355 HEBS500 struts and steel or reinforced concrete distri- 
bution beams. Micropile walls were employed behind the capping beams of Central Shaft and 
Technical Zone South, given the short distance to nearby structures. 
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Figure 4. Cross sections of Technical Zones North (a) and South (b). 


The number and dimension of the intersections between the Central Shaft and the adjacent 
bodies (both Technical Zones and both underground galleries) draw a very clear distinction 
between this case and a typical shaft. Therefore, a decision was made to materialize the 1.5m- 
thick roof slab, and hence adopting the top-down method, which, apart from allowing surface 
occupation to be restored sooner, was capable of minimizing deformation and promoting 
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effort concentration by arch effect in such a rigid and, consequently, effective support. As 
a result, the loads acting on the steel strutting levels installed below were lower, which consti- 
tuted a major optimization given their buckling lengths. 
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Figure 5. Plan (a) and cross section (b) of the Central Shaft. 


The span and thickness of such slab led to the need of executing a 2.5m-hight capping beam 
over the underground galleries as well as providing its support by means of four groups of 
four piles. Such “columns”, apart from absorbing a significant portion of the acting loads and 
minimizing the vertical load transferred to the few non-intersected piles of the retained walls, 
led to the reduction of the bending moments mobilized in the connection node between the 
roof slab and the perimetral capping beams, besides allowing to properly brace the Central 
Shaft’s struts and, consequently, reduce their buckling lengths. 

Finally, a ramp system was conceived, as a way of providing horizontal access for vehicles 
from both yards (north and south) all the way up to the excavation fronts of both under- 
ground galleries. Such feature led to the optimization of the excavation cycles, which meant 
that a total volume of roughly 30.000m? could be removed in a much more efficient and safer 
way, ie, without the need for cranes or similar lifting equipment and, therefore, to cope with 
the demanding deadlines imposed. 


4.2 Underground excavations 


On what concerns the underground excavations, their little overburden heights (of roughly 
10m), especially when compared to the span of the gallery’s cross sections and the fact of 
being materialized in landfill or sandy deposits, in addition to the close proximity to nearby 
buildings (of only 4m in the case of Underground Gallery West), led to the need of adopting 
a robust approach, so that deformation could be effectively controlled and the risk of collapse 
properly addressed. 

First and foremost, the pre-support of the excavation was assured by means of a 2.0m-thick 
jet-grouting umbrella which was executed from the surface and resulted essential for the good 
behavior of the excavations. The conceived solution basically comprised a stiff support con- 
sisting of HEB200 steelsets placed at every 1.0m in combination with a 35cm-thick shotcrete 
layer and a closed invert in all excavation phases. The executive procedure divided excavation 
of the platform galleries into six steps, namely: pilot gallery, two lateral enlargements and 
three benches, all of them to be executed keeping excavation advancements to the minimum. 
It should be noted that the first stage, consisting of the excavation of the pilot gallery, was to 
be executed along its full length as a way of developing a gradual stress relief and allowing 
a better knowledge of the occurring materials besides promoting front stability. In addition, 
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the second bench excavation was preceded by the cyclic materialization of 2.0m-long side 
trenches, so that the steelsets foundation disturbance is kept to the minimum. 

A wide number of eventual measures, such as front fiberglass bolting or forepolling, was also 
foreseen. Finally, the execution of a displacement mitigation wall, consisting of 01000 piles 
placed at every 1.10m, between the highest buildings and the right sidewall of Underground Gal- 
lery West is also worth mentioning. Figures 6 and 7 schematically present such solutions. 
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Figure 6. Longitudinal profile of underground galleries. 


4.3 Executive procedure 


One of the main reasons for the success of this endeavor was, undoubtedly, its detailed execu- 
tive procedure, which comprised not only the excavation sequence, but also the definitive 
structures execution. Its main phases (not considering preliminary works such as infrastruc- 
tures deviation, micropile and pile walls execution, jet-grouting, etc.) are listed below and 
schematically represented in Figure 8. 


Phase 1 First main excavation stage 

Capping beams and Central Shaft’s roof slab execution (including all other definitive 

constructions located on top of such structure), followed by landfill execution and 

surface occupation restoration 

c. Installation of the first strutting system level of both technical zones 

Second to fifth main excavation stages 

Installation (partial, where applicable) of the respective strutting system levels 

Steps a and b were to be alternatingly repeated down to level +11.50, keeping both 

stretches (North and South) of the temporary access ramp in operation 

Phases 6-8 a. Sixth to eighth main excavation stages, in all open-air excavated bodies, especially in 
Technical Zone North and Central Shaft (deactivation of the northern stretch of the 
temporary access ramp) 

b. Installation of the respective strutting system levels 

c. Excavation (and primary lining execution, including temporary invert) of pilot- 
galleries of main underground galleries East and West 

a. Eleventh main excavation stage, in Technical Zone North and Central Shaft 

b. Installation of the lower strutting system level of Technical Zone North 

c. Excavation (and primary lining execution) of lateral enlargements of both main 
underground galleries 

d. Excavation of the first bench and primary lining execution, including invert 
Steps c and d were to be alternatingly repeated until the end of both galleries 

a. Twelfth and thirteenth main excavation stages, in Central Shaft 

b. Installation of the respective strutting system levels 

c. Excavation (and primary lining execution) of the second bench of both main under- 
ground galleries, as well as of the side-drifts and subsequent lateral enlargements of 
both TBM interface chambers 

d. Excavation (and primary lining execution, including and temporary invert) of the 
third bench of the main underground galleries, as well as of both TBM interface 
chambers only bench, departing from the tops and towards the Central Shaft 


of 


Phases 2-5 


op 


Phase 9 


Phases 10-11 


(Continued ) 
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(Continued ) 


Phase 12 


Phases 13-15 


Phase 16 


Phases 17-18 


Phases 19-20 


Phases 21-22 


Phase 23 


a. Fourteenth main excavation stage, in Central Shaft and in Technical Zone South 
(deactivation of the southern stretch of the temporary access ramp) 

b. Installation of the corresponding strutting system level of Central Shaft as well as of 
the remaining part of the third strutting system level of Technical Zone South 

a. Fifteenth to eighteenth main excavation stages, in Central Shaft 

b. Installation of the corresponding strutting system levels 

a. Execution of both main underground galleries’ definitive inverts, as well as of Central 
Shaft’s bottom and R-4 slabs, in addition to the definitive exterior walls between 
such structures 

b. Execution of concrete plugs inside both TBM interface chambers 

(after TBM breakthrough) Execution of both technical zones bottom slabs, as well as 

Central Shaf’s intermediary slab R-2 and exterior definitive walls up to this level, after 

prior deactivation of all intersected strutting systems 

a. Execution of intermediary slabs R-1 in both technical zones and Central Shaft, fol- 

lowing the prior deactivation of intersected strutting systems (only in the case of the 

Central Shaft, since no RC distribution beams were installed in such body) 

Installation of strutting systems in both technical zones intermediary slabs R-1, 

. Deactivation of all remaining strutting system levels of both technical zones, except 

the first and the ones mentioned in the previous step 

. Execution of the remaining definitive exterior walls 

. Demolition of the four groups of piles supporting the Central Shaft’s roof slab 

. Execution of Technical Zone North roof slab 

Deactivation of the first strutting system level of both technical zones and Access 

North 

b. Execution of roof slab the roof slab of Access North and Technical Zone South, 
including the landfill on top of such structures and surface restoration 

c. Deactivation of the strutting systems of both Technical Zones intermediary slabs 
R-1, followed by their respective stair’s slabs execution 
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Figure 7. Cross sections of Main Underground gallery West (a) and TBM interface chambers (b). Lon- 
gitudinal profile for eventual measures definition (c). 


5 SURVEY PLAN 


Despite having carried out a complete risk assessment procedure as a way of evaluating and 
quantifying the eventual damage which could impact nearby buildings, their height, vulner- 
ability and proximity to the excavations to be executed led to the implementation of a detailed 
monitoring system, with the aim of enabling the continuous follow-up of the works behavior. 
Hence, different types of instruments were installed, as follows: 


— Surface marks 
— Optical targets 
— Inclinometers 
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Figure 8. Main steps of the proposed executive procedure. 


— Extensometers with temperature control 
— Open and closed piezometers 


Although the frequency of the measurements naturally depended on the advancement rate of 
the works onsite, as a minimum, readings should be held immediately after each excavation stage 
and/or at every two days, until their complete stabilization or definitive structures completion. 
Similarly, Alert and Alarm Criteria were specified (for each step of the proposed executive 
sequence) as a way of supporting the decisions to be made by the onsite technical assistance team, 
which, in case of eventual anomalies detections, was responsible for adopting adequate remedi- 
ation measures in good time. The definition of such values was based not only on the numerical 
analyses’ outputs, after properly adjusted to empirical curves (check Figure 9), but also at the 
light of the designer experience in similar works developed in comparable environments. One of 
the main advantages of defining such reference values is the possibility of continuously being able 
to evaluate the suitability of the adopted solution to the real onsite geological and geotechnical 
conditions and critically assess if design approaches keep their representativeness along the whole 
duration of the works. 


Figure 9. Output of results compatibilization for the last excavation phase (values in mm). Global view 
(a), settlements (b), horizontal displacements direction N-S (c) and horizontal displacements direction 
W-E (d). 
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6 CONCLUSION 


The experience acquired during the execution of Beaulieu Station allows the identification of 
several factors which resulted critical to the success of such endeavor. 

At the light of the above and in first place, the complementary geotechnical survey cam- 
paign played a major role, since it enabled the complete characterization of the geological con- 
text of the site and, therefore, the avoidance of unpleasant surprises during works execution. 

On the other hand, one should also highlight the adoption of the top-down method, not 
only on what concerns the Central Shaft’s roof slab, given the resulting deformation control 
effect, but also with regard to the reinforced concrete distribution beams executed below both 
technical zones’ intermediary slabs, which were utterly incorporated into the definitive exterior 
walls and allowed for slab concreting before strut removal, minimizing pile wall bending. 

Still within the framework of deformation control, the importance of the pre-support of the 
underground galleries excavation by means of the prescribed jet-grouting umbrella should be 
stressed out. In fact, besides providing additional safety to the works to be undertaken (par- 
ticularly important when dealing with so low overburden heights in urban environment, such 
feature resulted in almost negligible deformation. 

Moreover, deadlines fulfillment was only possible due to excavation cycles optimization, as 
a result of the adoption of the proposed temporary ramp system, which besides speeding up 
debris removal, had a very significant impact in the safety of such operations. 

Last but certainly not least, one must emphasize the agile communication channels between 
designer and contractor. For instance, apart from being available for design optimization 
during work execution, preparatory onsite discussions were held between all parties involved, 
as a way of preliminarily validating the solutions which were foreseen and making sure that 
those, besides being actually feasible, fully answered all site needs. 


Figure 10. Several photographs of Beaulieu Station execution: Technical Zone South (a), definitive RC/ 
temporary steel distribution beams (b), pilot gallery excavation (c) and definitive invert execution (d). 
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ABSTRACT: Starting from the early stages of the project, the correct estimate of the tunnel- 
ling production rate, is necessary to meet the Client’s requirements and make the working 
time reliable for the Contractor. This paper aims to provide a benchmarking tunnelling pro- 
duction rates on the basis of several challenging case histories for both mechanised and con- 
ventional tunnelling. A number of variables, including ground conditions, tunnelling method, 
length, diameter, tunnel layouts, maintenance requirements will be critically analysed in order 
to compare the theoretical and real average advancing rate. The case histories include mainly 
the major Alpine railway base tunnels built or under construction excavated with Hard-Rock 
Gripper TBM, Single and Double Shield TBMs and conventional tunnelling with full-face or 
partial excavations. 


1 INTRODUCTION 


The geo-uncertainty of underground projects often raises claims and complex contractual 
problems mostly related to the construction programme. Starting from the early stages of the 
project, the correct estimate of the tunnelling production rate, is necessary to meet the Client’s 
requirements and make the working time reliable for the Contractor. 

The construction method affects mainly the construction time, due to different mobilization 
times and generally different daily advance rates for TBM and conventional tunnelling. For 
both Conventional and TBM tunnelling method it needs to distinguish between Average 
Advancing Rate Theoretical (ARAt) and the Average Advancing Rate Real (ARAr). The first 
one only considers the excavation performances of the method, the second includes stops and 
constrains due to the whole site operability. 

Today, several methods are available to estimate theoretical advance rates for different geo- 
logical conditions and risk scenarios for both mechanized (Cardu et al., 2021; Macias and Barton, 
2022) and conventional tunnelling (Zare and Burland, 2006). Together with the aforementioned 
studies, two important research at governmental level carried out by the UK state (Grose and 
Hellier, 2017) and the European commission (EC, 2018), have drawn the attention to prediction 
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models, capable of successfully predicting the completion time of a tunnel project. In particular, 
the EC study was based on a total length of 280 km of Europeans railway tunnels in a 15-year 
timeframe excavated in rocks. The average advance rate (ARAt) for both the conventional and 
the mechanized construction techniques (in metres/day), for different geological conditions in 
terms of quality of the rock mass is outlined in the Figure 1. The TBM construction method 
ensures the highest advance rate for fair rock mass conditions (RM III), while showing better per- 
formances for all round conditions than the conventional tunnelling method. On the other hand, 
conventional tunnelling methods increase their advance rate almost linearly with an increase of 
the quality of the rock mass, reaching values of 4 m/day for very good rock conditions. 


—Gnveiionml TBM 


RM I: massive hard rock bodies 
with few large spaced disconti- 
nuities 

RM IE: well interlocked intact 
rock blocks with systematic 
ubiquitous discontinuities 

RM III: many interlocked intact 
rock blocks with several systems 
of ubiquitous discontinuities 


ARAt [m/day] 
ra 
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} e tact rock blocks intensely dis- 
& turbed by many discontinuities 
z r or sheared 
Ooa N aE. RM V: crushed or highly dis- 
turbed rock fragments even 
sheared, rock filling, etc. 
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RM I -Very poor RM Il- Poor RM III - Fair RM IV - 
Rock Mass Quality 


Figure 1. The Average Advancing Rate theoretical (ARAt) in meters/day for conventional and mechan- 
ized tunnelling, for different geological conditions (European Commission, 2018). 


This paper aims to provide, a benchmarking of tunnelling production rates on the basis of 
several challenging case histories for both mechanized and conventional tunnelling. A number 
of variables, including ground conditions, tunnelling method, length, diameter, tunnel layouts, 
maintenance requirements will be critically analyzed in order to compare the theoretical and 
real average advancing rate. 


2 KEY FACTORS AFFECTING THE PRODUCTION RATES 


The Authors highlight that each tunnel is unique and it has its own complexity. This makes 
difficult to identify standard production rates. In other terms, the indications given in this 
paper may differ even substantially from the effective production rates even if some conditions 
are similar between tunnels. 

In addition to general construction project factors impacting on construction programme, 
tunnelling production rates are strongly impacted by: 


— the length of the tunnel; 

— the cross-section; 

— the conditions of the ground and the overburden; 

— the hydrogeological conditions; 

— the construction method used; 

— the logistics and environmental constraints; 

— the tunnel layout and access arrangements; 

— the project location; 

— type of maintenance requirement of the equipment; 

— the regulatory requirements (e.g. limitation on vibrations, working hours, etc.); 
— the form of contracts; 

— interfaces with adjacent buildings, infrastructures and construction lots. 
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3 BENCHMARKING CONVENTIONAL TUNNELLING PRODUCTION RATES 


The case histories considered for the benchmarking of conventional tunnelling production 
rates include the major Alpine railway base tunnels built or under construction for a total 
excavated length analysed of approximatively 140 km. In detail: the Moncenisio base Tunnel 
(TELT project, Italy — France), the Brenner Base Tunnel (BBT project, Italy — Austria), the 
Gotthard base Tunnel (GBT - ATG, Switzerland), the Létschberg base Tunnel (BLS, Switzer- 
land) and Ceneri base Tunnel (CBT - ATG, Switzerland). Table 1 shows the recorded ARAt 
according with different rock support classes and the ARAr values for single-track tunnel. 


Table 1. Benchmarking conventional tunnelling production rates single-track tunnel. 
Cross- Tunnel 
ARAr ARAt[m/ sections length Overburden GSI high fre- Main geomecha- 

Tunnel [m/d] d] [m7] [km] [m] quency values nical formations 

TELT - tunnel 0.7 0.5-8.5 80-120 2.4 0 - 680 20 - 50 Carboniferous 

adit Saint- schists with high 

Martin-la- squeezing 

Porte behaviour 

TELT - tunnel 3.8 1.7 -10 65-75 4.1 0 - 550 50 - 70 Predominance of 

adit Modane quartzites more 
or less fractured 

TELT - tunnel 2.2 1.0 -7.5 65 - 90 2.5 0 - 800 40 - 65 Heterogeneous 

adit La Praz succession of 
sandstone and 
schists 

TELT -main 0.7 0.5-1 100-120 1.5 500 - 650 15 -50 Carboniferous 

tunnel Saint- shales with high 

Martin-la- squeezing 

Porte behaviour 

BBT - tunnel 2.5 1.1-9.5 83-105 23 400 - 1200 50-75 (faults Periadriatic faults 

adit Trens zone 10-35) for 760 m, gran- 

(part I) ites, granodior- 
ites, gneiss 

BBT - tunnel 3.9 3.0- 10.2 83-105 1.5 700-1200 45-65 gneiss and 

adit Trens paragneiss 

(part II) 

BBT Mules 0.8 1.0-2.5 65 - 86 0.3 430 - 630 15-45 Periadriatic faults 

2-3 - main 

tunnel north 

east 

BBT Mules 1.1 1.0 — 4.0 65 - 86 0.5 430 - 700 15 - 50 Periadriatic faults 

2-3 - main 

tunnel north 

west 

BBT Mules 4.0 3.0-9.0 65 4.9 100 -1355 60-75 Granites, 

2-3 - main granodiorites 

tunnel south 

east 

BBT Mules 4.1 3.0 -9.0 65 4.9 100-1355 60-75 Granites, 

2-3 - main granodiorites 

tunnel south 

west 

Lötschberg 8.3 3.7 -9.5 64 - 68 6.0 0 - 1000 45 — 50 Sandstone and 

Mitholz — Fru- (faults zone schists 

tigen drive 20 - 30) 
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(Continued ) 


Table 1. (Continued) 


Cross- Tunnel 

ARAr ARAt[m/ sections length Overburden GSI high fre- Main geomecha- 
Tunnel [m/d] d] [m7] [km] [m] quency values nical formations 
Lotschberg- 7.3 2.0-9.1 64 - 78 9.3 300-1100 40-65 Schists, sand- 
Mitholz - (faults zone stone and Flysch 
south-east 20 - 30) 
drive 
Lötschberg- 4.2 2.5-7.8 62 - 78 5.5 1000 - 2000 50-70 Granites, grano- 
Ferden - (faults zone diorites, gneiss 
north-east 10 - 25) 
drive 
Lotschberg- 4.3 2.0-7.7 62 - 78 5.7 1000 - 2000 50-70 Granites, grano- 
Ferden - (faults zone diorites, gneiss 
north-west 10 - 25) 
CBT Lot 852- 3.8 1.0 - 12 62 - 87 7.8 250 - 800 40 - 60 (fault Paragneiss, 
main tunnel zones 20 — 35) Ortogneiss, 
north west Amphibolites, 
drive fault zones 860 m 
CBT Lot 852- 3.8 1.0-—12 62-87 8.1 250-800 40-60 (fault Paragneiss, 
main tunnel zones 20 — 35) Ortogneiss, 
north east”) Amphibolites, 

fault zones 850 m 

CBT Lot 3.3 0.5-9 62-87 5.6 50 - 700 40 — 50 Gneiss, Ortog- 
852 — main (faults zone neiss, Phyonites/ 
tunnel south 10 - 25) Mylonites, fault 
east zones 350 m 
CBT Lot 3.4 0.5-9 62-87 5.5 50 - 700 40 — 50 Gneiss, Ortog- 
852 — main (faults zone neiss, Phyonites/ 
tunnel south 10 - 25) Mylonites, fault 
west drive zones 470 m 
CBT Lot 0.8 0.8 — 3.5 78-86 0.34 0-50 40 — 50 Gneiss, 
854 — main Ortogneiss 
tunnel north 
east © 
CBT Lot 0.7 0.8 — 3.5 718-86 0.3 0-50 40 — 50 Gneiss, 
854 — main Ortogneiss 
tunnel north 
west ° 


* Ranges of average advancing rate theoretical according with different rock support classes 

» for about 2 months the excavation was in parallel with two excavation face thanks to a bypass con- 
necting with the west tube 

© advancement rates affected mainly by restrictions on working time and vibration limits 


For the GBT a 54.7 km of the total 153 km excavations, was carried out by conventional 
methods. The daily advance rate with conventional drive for single-track tubes (ATG, 2016) 
with overburden up 2400 m are: 


— Real average advance rate in favourable rock conditions 3.0 to 4.5 m/d (cross-section 
between 61 — 80 m’); 

— Real average advance rate in unfavourable rock conditions approx. 1.0 m/d (cross-section 
between 85 — 110 m®; 

— Max. advance rate recorder for the single-track tube Sedrun South East with 11.5 m/d. 


The advance rates shown in Table | have a good correlation with those found for the Got- 
thard and more generally with those shown in Figure | in terms of ARAt. 

To give an example in order to understand the influence of rock supports and geomechanical 
risk scenarios on the advance rates, the case history of CBT is presented. Figure 2 shows the 
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standard rock support classes designed. The rock support classes range from SPV1 to SPV10: 
SPV 1-4: flat invert slab, anchors and shotcrete reinforced with fibers; SPV 5-6: curved invert slab, 
anchors, shotcrete reinforced with meshes or fibers and reinforcing ribs; SPV 7-10: pseudo-circular 
shape, anchors at front and back, shotcrete reinforced with meshes and reinforcing ribs with yield- 
ing elements. Table 2 summarizes the daily advance rates for the different rock support classes. 


ST-SPV 1 ST-SPV 2 ST-SPV 3acc ST-SPV 3 ST-SPV4 ST-SPV 5 
Fating rocks rocks m * Faang come Faing rocks 
ST-SPY 10 


ST-SPV6 ST-SPV 6A ST-SPV7 Srey 8 ST-SPV 9 


Figure 2. Standard cross-sections used for the CBT excavation and related risk scenarios. 


Table 2. Daily advance rate for the different SPV for the CBT. 
Rock support class Cross-section Daily advance rate Tender [m/d] Average ARAr [m/d] 


SPV1 62.0 11.9 7.1 
SPV2 62.0 10.0 5.8 
SPV3acc 65.4 7.0 6.4 
SPV3 65.4 5.6 4.9 
SPV4 65.4 5.1 4.4 
SPV5 68.0 3.9 21 
SPV6 68.0 3.6 3.3 
SPV6A 68.4 3.2 2.8 
SPV7 81.8 3.0 2.4 
SPV8 84.5 2.7 - 

SPV9 86.7 2.1 1.9 
SPV10 86.7 1.9 1.5 


Table 3 shows some examples of large cavern excavations. The caverns examined concern 
in particular the CBT, TELT and BBT Mules 2-3 projects. The caverns analysed were all exca- 
vated in phases with crown, bench, and sometimes tunnel invert. The advance rates refer to 
the average advancement of the entire section. To give an example in order to understand the 
influence of rock supports and geomechanical risk scenarios on the advance rates, the case 
history of BBT is presented (Figure 3). The CM-T1 with a total excavation area of approx. 
350 m? is characterized by a flat invert, friction bolts 4-6 m and 25 cm fiber-reinforced shot- 
crete and is designed for risk scenarios of rockfall and detachment of slabs. The CM-T2 with 
a total excavation area of approx. 355 m? is characterized by a flat invert, self-drilling bolts 
6-8 m and 30 cm reinforced shotcrete and is designed for risk scenarios of loosening. The CM- 
T3 with a total excavation area of approx. 385 m° is characterized by a curved invert, radial 
self-drilling bolts 8-10 m, forepoling with self-drilling bolts 12 m, face bolting with self-drilling 
bolts 15 m and, lattice ribs each 1-1.5m, 35 cm reinforced shotcrete and is designed for risk 
scenarios of loosening is designed for risk scenarios of loosening, plastic deformations and 
face instability. During the excavations, only the support classes CM-T2 and CM-T3 were 
used with respectively ARAt values respectively ranges from 1.5-2.5 m/d and 0.5-1.5 m/d. 
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Table 3. Benchmarking large caverns production rates. 


Cross- Tunnel Over- GSI high Main geome- 
ARAr ARAt sections length burd- frequency chanical 

Tunnel [m/d] [m/d] [m7] [m] en [m] values formations 
TELT - TBM assembly 0.6 0.5-1.5 320 45 680 55-75 pelitic sand- 
cavern Saint-Martin-la- stone schists 
Porte 
BBT - TBM assembly 0.7 0.5-2.0 350-385 80 1200 50-60 Gneiss, Schist 
cavern north east 
BBT - TBM assembly 0.7 0.5-2.0 350-385 80 1200 50-60 Gneiss, Schist 
cavern north west 
CBT Lot 852 - Sarè Junc- 2.5 1.5-5.9 105-210 140 150 40 - 50 Paragneiss, 
tion cavern east sector 2”) Ortogneiss 
CBT Lot 852 - Sarè Junc- 2.0 1.3-5.5 105-210 140 150 40 - 50 Paragneiss, 
tion cavern west sector 2 >) Ortogneiss 
CBT Lot 852 - Saré Junc- 0.9 0.7-2.0 180-260 85 150 40 - 50 Paragneiss, 
tion cavern east sector 3” Ortogneiss 
CBT Lot 852 - Sarè Junc- 0.8 0.7-2.0 180-260 85 150 40 - 50 Paragneiss, 
tion cavern west sector 3 >) Ortogneiss 
CBT Lot 853 — Junction 0.6 0.9-1.4 224-232 184 20 - 40 — 50 Paragneiss, 
cavern east 100 Ortogneiss 
CBT Lot 853 — Junction 0.7 0.9-1.7 212-220 70 100- 40-50 Paragneiss, 
cavern west (KVb) 120 Ortogneiss 
CBT Lot 851 — logistic 1.0 0.8-2.5 236-240 60 800 40 -50 Paragneiss 


cavern (MI) 


® Ranges of average advancing rate theoretical according with different rock support classes 
>) Not including the first stretch of 175 m with cross section up to 105 m? where full-face excavation was 


carried out 


Figure 3. Standard cross-sections used for the BBT TBM assembly cavern (Mules 2-3); left CM-T1, 
middle CM-T2 and right CM-T3. 


4 BENCHMARKING HARD-ROCK GRIPPER TBM TUNNELLING PRODUCTION 


RATES 


The case histories considered for the benchmarking of hard-rock gripper TBM tunnelling pro- 
duction rates include the same major Alpine railway base tunnels considered for the conven- 
tional tunnelling (Baldovin et al., 2019; Jesel, 2017; Insam et al., 2022; Merlini et al, 2018) for 
a total excavated length analysed of approximatively 130 km. Table 3 shows the recorded 
ARAt referred to the driving days (i.e. without standstill days) and the ARAr values. Also in 
this case the advance rates shown in Table 4 have a good correlation with those shown in 
Figure 1 in terms of ARAt. 

The maximum daily top performance for these case histories are: 


— BBT exploratory tunnel Ahrental—Wolf: 61 m/d 


— GBT Erstfeld main tunnel west: 56 m/d; 
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Table 4. Benchmarking hard-rock gripper TBM tunnelling production rates. 


Cross- Tunnel Overbur- 
ARAr ARAt® sections length den GSI high frequency Main geomechani- 
Tunnel [m/d]  [m/d] [m7] [km] [m] values”) cal formations 
TELT - tunnel adit 6.59 17.5 31.2 7.0 10 - 1430 55-75 mycascists, gneiss 
Maddalena (fault zones 30 - 40) with faults 
Lötschberg — Access 12.7 18.0 70.3 8.9 10 - 2000 50 — 70 gneiss, Granites, 
adit Steg (fault zones 10-25) granodiorites 
Lotschberg — main 11.9 16.5 70.3 10.2 10 - 2000 50 — 70 gneiss, Granites, 
tunnel Raron - Ferden (fault zones 10-25) granodiorites 
CBT — tunnel adit 9.2 12.2 73.9 2.3 40 - 720 40 - 60 paragneiss, Ortog- 
Sigirino (fault zones 20 — 35) neiss with fault 
zones 80 m 
GBT - Erstfeld Ost 12.8 18.2 72.1 7.2 10 - 1000 60-75 crystalline rock 
(faults zone 10 - 25) mass separated by 
tectonic zones 
GBT - Erstfeld West 13.0 17.8 72.1 7.1 10- 1000 60-75 crystalline rock 
(faults zone 10 - 25) mass separated by 
tectonic zones 
GBT — Amsteg Ost 9.7 14.3 72.1 10.7 500-2000 55-75 crystalline rock 
(faults zone 10-25) mass separated by 
tectonic zones 
GBT — Amsteg West 9.2 15.8 72.1 10.7 500-2000 55-75 crystalline rock 
(faults zone 10-25) mass separated by 
tectonic zones 
GBT - Faido Ost 9.3 12.2 69.9 11.1 1000 - 2300 50-70 gneiss, crystalline 
(faults zone 10-25) rock mass separated 
by tectonic zones 
GBT - Faido West 8.8 12.4 69.9 11.1 1000 - 2300 50-70 gneiss, crystalline 
(faults zone 10-25) rock mass separated 
by tectonic zones 
GBT - Bodio Ost 9.6 11.7 61.3 13.5 10-1000 50-70 gneiss, fault zones 
(faults zone 10 - 25) approx. 500 m 
GBT - Bodio West 10.4 12.7 61.3 14.1 10-1000 50-70 gneiss, fault zones 
(faults zone 10 - 25) approx. 500 m 
BBT - Ahrental-Wolf 9.6 15.8 49.2 16.7 400-1200 50-70 quartz phyllite, 
exploratory tunnel (faults zone 15 - 20) schists with fault 
300 m 


Ə Advance rates only referred to the driving days (i.e. without standstill days). 

» For GBT, GSI values are estimated from the Authors on the basis of cross-check information. 

9 Advance rate ARAr influenced by the systematic execution of the geological investigations at the 
boring face 


— L6tschberg — main tunnel Raron: 50.2 m/d 
— CBT Sigirino tunnel adit: 31 m/d 
— TELT Maddalena tunnel adit: 30 m/d 


To give an example in order to understand the influence of rock supports and geome- 
chanical risk scenarios on the advance rates, the case history of CBT is presented. 
Figure 3 shows the standard rock support classes designed also on the basis of Gotthard 
base tunnel experiences. A total of 7 standard rock support classes (Figure 4) were 
designed in order to deal with the geotechnical conditions forecast. The rock support 
classes range from TBM1 to TBM7: TBM 1-3: friction bolts and shotcrete reinforced 
with meshes; TBM 4-6 friction bolts, shotcrete reinforced with meshes and reinforcing 
ribs; TBM 7: anchors at front and back, shotcrete reinforced with meshes and reinfor- 
cing ribs with yielding elements. Table 5 summarizes the daily advance rates for the dif- 
ferent rock support classes. In tender phase different range rates have been estimated 
according to the drillability classes expected. 
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Figure 4. Standard cross-sections used for the TBM excavation of Sigirino adit and related risk scenarios. 


Table 5. Daily advance rate for the standard cross-sections used for the TBM excavation of Sigirino adit. 


Rock support class Cross-section Daily advance rate Tender [m/d] Average ARAr [m/d] 
TBM1 73.9 24 -26 - 

TBM2 73.9 24 - 26 12.7 

TBM3 73.9 15-17 14.4 

TBM4 73.9 15-17 5.2 

TBM5 73.9 8-12 2.5 

TBM6 73.9 6 1.3 

TBM7 73.9 2 - 


Table 6. Benchmarking shield TBMs tunnelling production rates. 


Cross- Tunnel 
ARAr ARAt® sections length Overburden GSI high fre- Main geomechanical 


Tunnel [m/d]  [m/d] [m7] [km] [m] quency values”) formations 

TELT - expl. 8.0 15.0 99.6 8.7 670 - 1050 55 — 75 (fault pelitic sandstone schists 

tunnel Saint- zones 15-30) with 2 main faults approx. 

Martin-la-Porte 40 m 

BBT — Mules 2-3 7.8 15.4 89.9 9.8 600 - 1800 50 — 70 (fault Schists, gneiss quartz phyl- 

north west drive zone 15 - 25) lite, with main fault zones 
150m 

BBT - Mules 2-3 10.5 14.9 89.9 12.6 600 - 1800 50 — 70 (fault Schists, gneiss quartz phyl- 

north east drive zone 20 - 25) lite, with main fault zones 
40m 

BBT - Mules 2-3 10.8 13.4 36.4 14.2 600 - 1800 50 — 70 (fault Schists, gneiss quartz phyl- 

exploratory tunnel zone 20 - 25) lite, with main fault zones 
= 100m 

BBT - AICA 12.0 14.5 31.2 10.5 100 - 1200 55 — 75 (fault Brixner granite with a sub- 

exploratory tunnel zone 20 - 35) parallel fault zone 20m 

Follo Line TBM 1 14.6 17.7 77.0 8.9 5-170 50 - 60 

Follo Line TBM2 15.3 18.5 77.0 8.9 5-170 50 - 60 gneisses with banding and 

Follo Line TBM3 13.5 16.4 77.0 9.1 5-170 50 - 60 lenses of amphibolite and 

Follo Line TBM 4 13.1 158 77.0 91 5-170 50 - 60 pegmatite 


* Advance rates only referred to the driving days (i.e. without standstill days). 
» For Follo Line, GSI values are estimated from the Q index values. 


5 BENCHMARKING SINGLE AND DOUBLE SHIELD TBMS TUNNELLING 
PRODUCTION RATES 


The case histories considered for the benchmarking of single shield TBM tunnelling is based on 
the experience of the exploratory tunnel for TELT project (Gamba et al., 2019). For the bench- 
marking of double shield TBMs the experiences gained from BBT in Italian side and Follo Line 
Project in Norway (NTS, 2021). The total excavated length analyzed of approximatively 90 km. 

Table 6 shows the recorded ARAt referred to the driving days (i.e. without standstill days) 
and the ARAr values. Also in this case the advance rates shown in Table 5 have a good correl- 
ation with those shown in Figure 1 in terms of ARAt. 
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The maximum daily top performance for these case histories are: 


— BBT main tunnel: 36.8 m/d 
— Follo line main tunnel: 36 m/d 
— TELT expl. tunnel Saint-Martin-la-Porte: 18.5 m/d 


6 CONCLUSIONS 


The experiences show significantly higher advance rates for long TBM drives than for conven- 
tional tunnelling. This is still the case when isolated fault zones cause longer standstills for the 
TBM drive. However excavation through a highly mechanized D&B method, can reach good 
performance with the advantages of a more flexible excavation system due to the easier possi- 
bility of adjustments in terms of supports, ground improvements and advancement methods. 

From the benchmarks it is also possible to evaluate how geological heterogeneity can pro- 
vide greater difficulties and consequently lower advance rates, even between parallel tubes 
excavations. The most significant case is that of the Brenner base tunnel Mules 2-3 under con- 
struction. Between the east and west main tunnel drives a difference of approximatively 2.7 m/ 
day is actually recorded due mainly to the most hydrogeological and geomechanical difficult 
conditions in the west tube. 

The lesson is that benchmarking cannot be undertaken as a purely mechanical exercise. The 
Authors highlight that each tunnel is unique and it has its own complexity. This makes diffi- 
cult to identify standard production rates. In other terms, the indications given in this paper 
may differ even substantially from the effective production rates even if some conditions are 
similar between tunnels. 
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ABSTRACT: In the last decades and certainly in the near future, survey, analysis and 
maintenance of existing structures will be one of the major fields of interest for civil 
engineering and infrastructure management. Existing structures have been realized in the 
past with different design conditions from their actual capacity, like foreseen life-span, 
loads and geometries. For this reason, civil works could be inadequate to fulfil modern 
requirements and guarantee the conservation state of structural elements. The paper 
focuses on the case study of Sipicciano | and 2, masonry tunnels in Italy, near Viterbo 
(Lazio), on the Attigliano-Viterbo railway line. The tunnels are located in a complex 
area interested by different superficial mechanisms that compromise the structural state 
of the lining and the global stability of the tunnels. ETS has been in charge of the 
survey, inspection, investigation campaigns and detailed design for the renewal of the 
tunnels. The entire design process has been carried out with the MIRET approach 
(Management and Identification of the Risk for Existing Tunnels). The tunnels are digi- 
talized and structurally assessed with a Scan-to-BIM workflow thanks to ARCHITA, 
a multi-dimensional mobile mapping system developed by ETS equipped with laser scan- 
ner, thermal cameras, linear cameras and Ground Penetrating Radars. The geometriza- 
tion and informatization of the models, from the inspection to the design, are here 
concretely applied to the design process of Sipicciano | and 2 tunnels renewal, making 
also comparisons with direct inspections and results of preliminary consolidation 
operations. 


1 INTRODUCTION 


The European area experienced the development of railway infrastructure from the second 
half of the 19th century until the beginning of the 20th century. Railway Infrastructure Man- 
agers therefore now have an ageing park of tunnels to be maintained (Mili, Chille and 
Thuaud, 2021). In Italy, RFI (Rete Ferroviaria Italiana) manages 1.671 km of railway lines 
with an average age of 70 years and the oldest Italian tunnel is 150 years old, as shown in 
Figure 1. 

These structures are subject to degradation linked to the passage of time and permanent 
interactions with the environment, therefore they can require substantial maintenance and 
repairs to mitigate the risk of incidents or even to empower the line or the lifespan of the 
asset. 

The challenge of planning and management of existing tunnels is the coexistence and col- 
laboration of sustainability and exponential technology growth. However, careful and 
effective management of tunnels that involves all the stakeholders and all the activities, such 
as inspection, planning, design, construction, and maintenance, is not yet usual and requires 
a holistic approach. 


DOI: 10.1201/9781003348030-227 


1890 


Railways Tunnels Management 
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Figure 1. Number of railways tunnels managed by the main European Railway Infrastructure Man- 
agers (on the left) and Average age of the same tunnels (on the right). (Foria, Miceli, 2022). 


2 INTEGRATED APPROACH 


2.1 Methodology and technologies for the digital management 


ETS has started investing in a new approach for the manipulation of the survey-inspection 
data to get a more objective and dynamic diagnostic, maintenance, and risk assessment to 
manage existing tunnels. The procedure’s final aim is the Management and Identification of 
the Risk for Existing Tunnels (Foria, Ferraro, et al., 2021). 

The complete procedure can be defined through the following milestones (Figure 2): 


e Survey & Inspection (S&I) with multi-dimensional mobile mapping systems to have 
internal geometry (laser scanner), thicknesses (GPRs), and condition of the structure (ther- 
mal and linear cameras, visual inspections, and measures). In the approach, the S&I phase 
can be repeated to update the data through different time steps; 

e Digitalization (DI) of the geometric survey to obtain a 3D CAD model or IFC model; 

* Defect Analysis (DA) from HD linear photo to map and digitalize the defects in a CAD 
environment. The defects are statistically elaborated and combined to obtain easy and 
user-friendly indexes; 

e Planning & Design (P&D): the digital twin and the defects detection are combined in 
a Common Data Environment (CDE); 


Survey Works & 
& Maintenance 
Inspection 


Oma 


Planning & 
Design 


Tunnel 
Digitalization 


Figure 2. MIRET puzzle chart (Foria, Ferraro, et al., 2021). 


1891 


* Work & Maintenance (W&M): the maintenance and construction works are performed 
according to the indication of the P&D phase. The completed works are ready for a new 
S&I phase to determine the new condition of the structure; 

* Monitoring (MO) is fundamental to have continuous data input through different phases, 
allowing a dynamic database and assessment of the structures. 

* Asset Management Platform: an environment in which it is possible to have a complete 
view of the conditions of the infrastructure (e.g., geometry, geomorphological context, risk 
and hazard indices, etc.). 


The methodology is suitable for the management of heritage infrastructure. It is possible to 
assess, without compromising the integrity of the infrastructure, the conditions of the heritage 
tunnels and, consequently, plan interventions in a targeted way on the most critical areas 
through different scales and through time by repeating the process over time. 


2.1.1 Mobile mapping survey 

A multi-dimensional mobile mapping system adapts well to the digitalization and management 
of heritage infrastructure. The integrated instrumentation allows for making very precise sur- 
veys, avoiding destructive investigations and minimizing the impact on working lines. In the 
case of ETS, the system developed is ARCHITA, a multi-dimensional mobile mapping system 
consisting of linked and integrated equipment (Foria et al., 2019). It carries out the survey activ- 
ity with an average speed of 15-30 km/h, minimizing the impact on existing lines with shortstop 
of the traffic and without disconnection of the electrical tension (for railway). 

The system consists of (Figure 3): 


e Laser scanner to acquire 3D point cloud; 

° Linear cameras take high-resolution photos of the tunnel lining, detecting the components 
and the conservation state; 

e GPRs to survey the ballast thickness, status and humidity, the lining thickness, and the cav- 
ities that lie behind; 

e Thermal cameras to detect and double-check defects on the lining. 


TUNNEL SCAN LEICA PEGASUS: TWO 
e 


ARCHITA: 
RAIL CONFIGURATION 


TA 
LELE. 


Figure 3. ARCHITA Rail Configuration: Technological solution made up of integrated and engineered 
survey instruments (Foria et al., 2019). 


2.1.2 BIM workflow 
A BIM workflow is suggested in this paper: the process uses the mobile mapping system 
ARCHITA to collect data and geometries both on the surface and thickness of the tunnel, 
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then the workflow, based on commercial instruments, allows to integrate the collected data in 
one digital environment, making information management faster than a manual approach. To 
improve the efficiency and safety of structures, digital tools are essential to their management. 
This approach leads to Building Information Modeling (BIM), a complex system of proced- 
ures and technologies to manage building processes. 

BIM methodologies, when applied to infrastructure (Infrastructure Building Information 
Modelling, I-BIM), can offer digital information management, and therefore in a manner that 
is more effective and can also be used with large-scale infrastructural assets. These methodolo- 
gies can be successfully applied with considerable advantages in terms of cost reduction and 
improved management of both material and professional resources (Ciccone et al., 2022). 

In general, today all information regarding existing infrastructures is often fragmented and 
incongruent due to traditional methods of data collection and management. This process 
(Figure 4) aims to fill and implement the information of the as-built model, through inspec- 
tion, digitalization and diagnosis of infrastructures to obtain a digital model of the work. 


DEFECT ANALYSIS 


CLEARANCE ANALYSIS 


> FEM ANALYSIS 


© MODELING 


Í FEM ANALYSIS of DATA CHECK KODELING 


Figure 4. MIRET workflow from survey and inspection to information modelling. 


3 CASE STUDY 


3.1 Introduction 


The Sipicciano 1 and 2 tunnels are located on the Viterbo-Attigliano railway line (Foria, 
Miceli, 2022). These are two masonry tunnels that are subjected to a well-developed cracks 
system, to a non-negligible moisture presence on the final lining and to material detachments 
of the lining, that provide dangers during normal daily service. In addition to these important 
defects, for both tunnel inverts there is the presence of a non-well-known structure that has to 
be removed and replaced in order to realize a proper railroad ballast. 

The initial phase of this project has been focused on getting all the information about the 
tunnels and the geological conditions of the zone. In addition to this preliminary phase with 
site investigations, the inspection for defects and geometric survey using ARCHITA has been 
carried out. The geometrization and data are transferred to a BIM model throughout all the 
stages of the projects’ aforementioned technologies and workflow (Figure 5). 

Both tunnels are located on slopes, with various inclinations, constituted by silts with clays, 
slightly humid, with good consistency. For Sipicciano 2, there are issues related to slope inclin- 
ation and movements that made necessary the definition of a specific monitoring project for 
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Figure 5. Digital representations of the asset: ARCHITA point cloud (on the left) and BIM model of 
Sipicciano 1 (on the right). 


ground assessment before and during operations in the tunnel. Considering the type of tun- 
nels, their shape and the construction material, taking also into account geological surveys, 
the design could assess that both tunnels have been constructed with the cut&cover method, 
with the filling material constituted by silts with sands and clays, similar to the materials that 
can be found nearby in the zone of the tunnels. 

In this project, design took also into consideration that previous maintenance works have 
been made. All these operations were related to superficial adjustments and could not be con- 
sidered as structural works: in fact problems like cracks, detachments and water leaks were 
still going on in the tunnels, especially for Sipicciano 2, with its assessment slope problems 
that caused important cracks in the upper part of the tunnel final lining. 


3.2 Sipicciano 1 


Sipicciano 1 is located between km. 7+076 and km. 7+228 of the Attigliano - Viterbo railway 
line within the municipal area of Graffignano (VT). The Sipicciano 1 is a masonry lining heri- 
tage tunnel built in 1886 with the cut & cover method. It presents a horseshoe-like cross- 
section (Foria, Miceli, 2022). Due to its age, consolidation works were needed in order to 
respect minimum design code requirements. The consolidation works were realized in 2 
stages, in 2013 and 2022; they consisted of drainage works and consolidation of the lining 
using anchor systems. In 2013 the analysis showed hydraulic hazards on the final lining which 
were solved with drainage interventions. Then, in 2022, two important tasks were accom- 
plished: all the 2013 processes were digitalized to achieve a complete tunnel state knowledge, 
and then maintenance works were planned and carried out on the Sipicciano 1 tunnel. 

For Sipicciano 1 there were major problems related more to water leaks and humidity, com- 
pared to cracks issues: in 2019 these issues were quite resolved with acrylic and polyurethane 
resin injections on tunnel’s boundary, internal masonry epoxy injections and drainage pipes. 
For this project, the main works were related to the removal of the existing invert structure and 
the new construction of a 30 cm thick concrete slab invert. In order to guarantee tunnel stability 
during excavations for the substitution of the invert structure, passive anchors, made of steel 
bars of 5 cm diameter, had to be installed. Steel distribution beams (2 HEB140) were also pro- 
vided, connected to steel anchors. After these support operations, a base excavation of 1.20- 
1-50 m in the invert zone could be provided, with the removal of the existing invert structure. 
For the final phase of the project, the design consisted in the construction of a concrete slab 
connected to the existing masonry structure, in order to guarantee the structural integrity of the 
bottom part of the tunnel, realising also a valid concrete strut to prevent horizontal displace- 
ments, possible cracks in the final lining of the tunnel and to increase overall tunnel robustness. 
This base structure will also work as a hydraulic drainage surface in order to collect tunnel’s 
waters and convey them outside the tunnel in the existing main drainage system. For Sipicciano 
1, the construction works were successfully finished as designed (Figure 6). 


1894 


It has to be specified that, before and during construction, design also included a monitoring 
system focused on internal convergences in order to control tunnel state before and after main 
operations defined for each work phase. 


Figure 6. Base excavation and monitoring (on the left), invert reinforcement (on the centre), water- 
proofing and cast of the new concrete invert (on the right). 


3.3 Sipicciano 2 


Sipicciano 2 is located between km. 7+762 and km. 7+976 of the Attigliano - Viterbo railway 
line within the municipal area of Graffignano (VT). The Sipicciano 2 is a masonry lining heri- 
tage tunnel built in 1886 with the cut & cover method. It presents a horseshoe-like cross- 
section (Foria, Miceli, 2022). For Sipicciano 2, the design dealt with major problems related 
to an important cracks system and the presence of water on the masonry lining of the tunnel 
induced by a complex geological asset and a major landslide (Figure 7). Considering also that 
maintenance works were made in the past in order to reduce masonry cracks on the lining, the 
design suggested implementing a monitoring system not only for the tunnel itself but also for 
the slope on which the tunnel was constructed. 

For this tunnel, the design started from consolidation works (concrete injections), in the 
upper part of the gallery, made at ground level in order to improve soil characteristics before 
all the operations foreseen inside the tunnel, basically for safety reasons and, from a structural 
point of view, to reduce the amount of soil’s thrusts on the masonry. After this initial phase, 
there were a series of activities inside the tunnel basically to fix all the minor structural prob- 
lems, such as boundary consolidation with acrylic and polyurethane resin injections, internal 
masonry epoxy injections and drainage pipes. 

In order to remove the existing invert structure, similarly to for Sipicciano 1, and especially 
to improve the general stability and safety of the entire tunnel, the design considered two dif- 
ferent types of intervention. 

For Type | intervention, the project planned to remove 25 cm from the thickness of the 
masonry, operating on 3 meters of the tunnel; afterwards the project consisted in a final 
reinforced concrete cast to restore the initial internal lining. In order to make internal excava- 
tions, passive anchors were designed, made of steel bars of 5 cm diameter. 

For Type 2 intervention steel HEB140 beams were also considered in order to provide 
a proper longitudinal stress distribution between steel anchors. 

After these preliminary activities, it was planned to remove the internal invert structure and to 
replace it with a concrete slab, connected to the internal new concrete lining as described before. 
All the construction elements and phases are verified with FEM analysis based on geological and 
geotechnical studies (Figure 7). The construction works are planned for the next years. 
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Landslide 


Tunnel 


Figure 7. The digital geological model (on the left) is integrated into the geotechnical model and the 
FEM analysis (on the right). 


4 CONCLUSIONS 


Sipicciano tunnels presented numerous challenges during the reconnaissance phase (surveying 
with limited stop of the traffic, old tunnel with limited knowledge of the actual state), during 
the design phase (adjustment and optimization of the clearance, interferences, water manage- 
ment), in the planning phase of the works, and, last but not least, during the realization phase 
for Sipicciano 1. 

The integration of the entire process into a BIM environment is not yet an automated step, 
but it is still considered necessary to extend the potential of BIM to the tunnel infrastructure 
during planning, design, construction and facility management. There is still a lot to be devel- 
oped to improve the process of digitalization and analysis of existing infrastructures regarding 
methodology and technology. For all these cases, the creation of a digital twin of existing 
infrastructures can be considered an asset for the management of rehabilitation and mainten- 
ance works 
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Low cover tunnelling under North America’s busiest highway 


A. Gakis 
Dr. Sauer & Partner, Salzburg, Austria 
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Dr. Sauer & Partners, Washington DC, USA 


T. Schwind 
Dr. Sauer & Partner, Salzburg, Austria 


ABSTRACT: Two new rail tunnels were excavated under the 401/409 Highway in Toronto 
to increase the capacity of the existing Kitchener rail corridor. The alignment of the new tun- 
nels passes next to the existing Highway 401/409 tunnel and directly under the busiest High- 
way in North America, which remained operational throughout construction. The sequential 
excavation method was utilized, combined with 80cm pre-support steel tubes installed from 
the two portals and an intermediate temporary shaft. The two tunnels, about 10m high and 
8.5m wide, were excavated in the fill of the existing highway embankment and the underlying 
glacial till, with a narrow soil pillar in between. The biggest challenge in this project was 
assessing and minimizing the impact on the operational highway and existing rail tunnel. The 
design and construction were successfully completed by the Toronto Tunnel Partners in 2021. 


1 PROJECT OVERVIEW 


As part of the GO (regional public transit) extension program, two 176m long mined tunnels 
were excavated under the live junction of the 401 and 409 Highways and next to the existing, 
operational 401/409 rail tunnel (Figure 1) to provide additional rail capacity to the Kitchener 
Corridor. The Design, Build and Finance (DBF) contract was awarded in December 2017, to 
Toronto Tunnel Partners (TTP): a joint venture of Strabag Inc and Ellis Don with 
Dr. G. Sauer & Partners (DSP) as tunnel design consultants, WSP as multidisciplinary con- 
sultancy, Wood and R.V Anderson as further design partners. Urschitz 2019 presents exten- 
sive information on the procurement and project award processes. 

Tunnelling started from the portals which were formed by steepening the existing embank- 
ment slope; temporary stability to both tunnel portals and adjacent slopes was provided by soil 
nailing and a layer of sprayed concrete and the permanent portal walls were constructed using 
reinforced concrete. 

The tunnels were excavated using the Sequential Excavation Method (SEM) in the highway 
embankment fill and the underlying glacial till, both units of low mechanical properties. The 
excavation was carried out in steps of top headings with temporary inverts followed by bench/ 
invert excavations. The initial support was provided by a shotcrete lining and the final support 
by a cast in situ concrete lining. Two cross-passages were additionally constructed as required 
by fire life safety requirements. 

Due to the minimal soil cover above the new rail tunnels, face and roof support measures 
were key to ensure the stability of the open-face SEM excavation and keep the movement of 
adjacent structures and utilities within maximum settlement and distortion limits. The pre- 
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support was provided by 80cm diameter, 12mm thick steel pipes. The pipes were installed 
using auger boring techniques (simultaneous jacking and auger drilling) from a sheet pile wall 
shaft, excavated between the 409 and 401 express lanes, and from the two portals. 
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Figure 1. View of the north portal with the two mined tunnels under construction and the train passing 
through the existing 401/409 tunnel. 


2 MAIN CHALLENGES 


This uniquely challenging project saw the new tunnels being excavated parallel to and 
less than 2m away from the existing tunnel and 2.5 to 4m below the 401/409 highways, 
whilst both assets remained operational throughout the project execution. During the 
excavation, existing wing-walls and retaining walls were encountered at their expected 
locations, with the most challenging case being the crossing of the piles of the 409 ramp 
retaining wall. On encountering a pile, the soil around it was excavated and the tunnel 
face was sealed with shotcrete and only then the pile was cut and incorporated into the 
initial lining (Figure 2). As, the piles were cut sequentially the alteration of the founda- 
tion system occurred gradually, and the deformations of the retaining wall were closely 
monitored and controlled. 


Existing structure 


A removed and separated 


inital shotcrete lining 


FEF 


Waterproofing layer 
Final lining 


Figure 2. Excavation through the 409 ramp piles: concept (left) and execution (right). 


Furthermore, the initial linings of the tunnels were almost in contact to fit in the available 
corridor as shown in Figure 3. The level of complexity of the project was enhanced by the very 
low mechanical properties of the soil. 
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Figure 3. Section through the existing 401/409 tunnel and the new mined tunnels. 


3 PRE-SUPPORT & TUNNELLING ASPECTS 


Excavating tunnels 2.5m below 21 operational highway lanes called for robust pre-support, 
chosen to minimize the impact of tunnelling. It consisted of 80cm steel hollow pipes, 12mm thick, 
installed above the tunnel crown to provide the required roof-support during the sequential exca- 
vation. The pipes were installed in 12m long welded segments from the portals and 6m long seg- 
ments from the shaft, using auger boring technology (Figure 4). In this method the pipes are 
jacked into the ground using hydraulic jacks, while soil is simultaneously being removed using 
a rotating cutting tool. The pipes were installed from the two portals and from each side of an 
intermediate shaft. Figure 5 shows photos during the installation from the portals. 

As described by Ferraro and Lahti (2021), a key consideration was the use of a guided 
boring system for the maximum 78m long drives. The jacking forces were in the range of 60 to 
160 tonnes depending on the ground conditions. Parts of pipes which deviated from their the- 
oretical alignment were cut and carefully integrated into the lining. 

Tunnelling commenced when the pre-support pipes and a robust monitoring system were in 
place. Following the completion of excavation, the pipes were backfilled with concrete. 
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Figure 4. Auger boring main elements. 


Figure 5. Auger boring execution. 
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The new mined tunnels were sized to include all the required elements, such as the train clear- 
ance envelope, pantograph and overhead catenary systems, emergency walkways, trackwork 
and system elements. Figure 3 shows the tunnel cross-sections, the pre-support pipes and the 
proximity of the new tunnels to each other as well as to the existing tunnel and highway. 

A double shell lining system was utilized, consisting of a (assumed) temporary initial shotcrete 
lining, 30cm thick and reinforced with wire mesh and a permanent 30cm thick, cast-in-place, fiber 
reinforced concrete lining. Rebar reinforcement was only installed in the final lining in the cross- 
passages and in the first pours adjacent to the portals and at the headings encountering existing 
piles. A closed waterproofing system using PVC sheet membranes was applied (Figure 6). 


Figure 6. East portal view of the waterproofing and reinforcement installations. 


Tunnelling was executed from the soil nail portal walls, under the protection of the pre-support 
pipes. Tunnel 1 was excavated from the east portal, whereas tunnel 2 was excavated concurrently 
from both portals. The excavation utilized a temporary invert along most of the tunnel length, 
with small parts being excavated with a short ring closure when the ground conditions allowed. 

With regards to geology, the encountered layers at the upper half of the tunnels were predomin- 
ately embankment fill (Figure 7) and in the lower half glacial till layers, clayey at the top and sandy 
near the invert. No groundwater was encountered during the excavation. Additionally, at the sides 
of the existing tunnel a deposition of loose construction backfill material was encountered. 


Figure 7. Top heading excavation in loose fill. 


4 FINAL DESIGN 


The final configuration of the project is shown in Figure 8. A project of such complexity 
requires advanced design approaches to capture the expected behavior of soil and structure. 
A detailed 3D Finite Element (FE) model was set-up in Abaqus (Figure 9), introducing the 
actual geometry of the surface and of the highway, all the relevant structural elements (existing 
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tunnel, wing-walls, retaining walls with piles, temporary shaft, pre-support pipes) and simulating 
all the construction steps. The simulation and analysis of the exact geometry of the surface and 
highway required significant numerical effort as it involved very fine mesh to avoid irregular 
element shapes. In total more than 1million elements were used to model 459 analysis steps. 


West Portal 


Existing Tunnel 


409 Ramp Wall 


East Portal 


Pre-Support pipes 


Tunnel-2 3 , 
813mm dia. 12mm thick 


Figure 8. View of structural elements at final design. 


Figure 9. Detailed 3D FE model. 


The soil was simulated using 3D continuum finite elements of tetrahedral shape with a finer 
mesh in the vicinity of the expected high stress-change areas and coarse mesh near the bound- 
aries. The inelastic behavior of the ground was described by the non-linear Hardening Mohr- 
Coulomb (HMC) material model (Doherty & Muir Wood 2013). The two distinct soil layers 
and the construction backfill at the sides of the existing tunnel were explicitly simulated as 
shown in Figure 9. To avoid further complications, the material properties were assigned dir- 
ectly onto the FE mesh without additional geometrical partitions. 

The ground design parameters assumed in the analysis are shown in Table 1. 
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Figure 10. Soil simulation in the 3D FE model: the upper layer includes the embankment fill and the 
construction backfill at the sides of the existing tunnel, and the lower lever is the glacial till. 


Table 1. Ground design parameters. 


Parameters Units Fill Till 


Unit weight, y (kN/m?) 21 22 
Primary Compression Modulus, E50 (MPa) 10 35 
Elastic Modulus, Eur (MPa) 35 150 
Effective friction angle, ° (°) 35 33 
Effective cohesion, c’ (kPa) 0 5 
ko (-) 0.5 0.5 


A vital part preceding the final 3D FE analyses was the execution of sensitivity analyses, 


which were also performed using Abaqus, with 1m long 3D models, which combined the fea- 
tures of 2D plane strain analyses with advanced 3D simulation features, such as validation of 
advance length and simulation of pre-support using beam elements. The sensitivity analyses 
assessed the following aspects with the associated conclusions: 


Pre-support: lower surface settlements up to 50% 

kp (Figure 11): critical case lower ko 

HMC vs. Mohr-Coulomb soil models: HMC predicted 15% higher surface settlements 
Poor backfill at the existing tunnel sides: small increase in surface settlements 
Non-symmetrical application of surface surcharge loads: negligible impact 

Consolidation analysis in the unlikely event of large-scale dewatering: 3mm additional sur- 
face settlements 

Heat transfer analysis: 5cm of the final lining considered non-structural to account for the 
critical fire load 

Impact of existing pile loads on the initial and final linings: resulted in additional reinforce- 
ment in the initial lining, where piles were encountered 


Figure 11. Sensitivity analysis - impact of kọ — Vertical displacements due to SEM excavations (left ko, 
min, right kp,max) — Surface 8mm for ko,min and 6.1mm for ko,max. 
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— Impact of water pressures only acting on final lining — not critical case 
— Final lining concrete creep — not critical case 


The important outcomes of the sensitivity analyses were incorporated into the 3D FE model. 
The results of the 3D FE analysis verified the capacity of the SEM lining and assessed the 
impact on the highway and the existing tunnel. As shown in Figure 12, the impact of the SEM 
excavations on the existing tunnel was negligible (<Smm) and the calculated settlements of the 
highway due to tunnel excavation were in the range of 13mm, in line with the observations. 


5 CONCLUSIONS 


The construction of two SEM tunnels under 21 lanes of North America’s and one of the 
world’s busiest highways was completed in summer 2021 (Figure 13). The project presented 
TTP with unique design and construction challenges: 
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Figure 12. Calculated displacements of the existing highway (top) and of the existing tunnel (bottom) 
due to tunnelling. 


Figure 13. Completed SEM tunnels — view from east portal. 
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— the sizeable mined tunnels were excavated with almost no soil pillar left in between, with as 
little as 2.5m cover below the operational highways and adjacent to the live rail tunnel. 

— numerous existing structural elements were encountered during the tunnel advance. 

— the mechanical properties of the excavated and surrounding soil were very low. 


Highly sophisticated design and construction means had to be deployed to overcome these 
issues and ensure the execution of this project in a safe and controlled way, allowing all ser- 
vices to operate unhindered. Equally instrumental towards the successful outcome was the col- 
laboration between the specialist design and construction parties, without which such 
a complex project would not be possible. 

The successful completion of 401 crossing is evidence that advanced engineering can solve 
even the most complex problems. 
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ABSTRACT: Norway has a long tradition of rock tunneling, however the design of the Dram- 
men Soil Tunnel had to overcome a combination of unique challenges unprecedented in the coun- 
try. This is a large cross section (156 m°) high-speed railway tunnel excavated in saturated 
glaciofluvial sediments with little to no cohesion. Dewatering to lower the groundwater table was 
not permitted, moreover, the tunnel runs beneath Drammen’s streets and buildings with an over- 
burden as low as 8 m, for this reason there were very strict requirements in terms of allowed 
ground movements. The design solution consists essentially of a 2 to 2.5 m thick jet grout ring 
around the tunnel excavation profile built from the surface, for this purpose, a total of 2100 jet 
grout columns, up to 2.5 m in diameter, were installed. The result was a safe tunnel excavation in 
very stable and dry ground, with minimal deformations and notably low ground movements. 


1 PROJECT BACKGROUND 


Bane NOR, the Norwegian government agency that owns, and is responsible for maintaining, 
operating and developing the Norwegian railway network is undergoing extensive improve- 
ment works on the Vestfold Railway Line. New double-track sections are being built in order 
to reduce travel times and increase train frequencies between Oslo and the region of Vestfold. 

The project “New Double-track Drammen — Kobbervikdalen” will replace the existing 
single-track section between Drammen Station and the village of Skoger with 10 km of 
double-track railway in a completely new alignment. Seven of the new ten kilometres run in 
a continuous single-tube tunnel divided into three sectors: 


— Cut and cover (C&C): 540 m long. 
— Soil Tunnel: 290 m long (mined). 
— Rock Tunnel: Approx. 6 km long (mined). 


After preparing the preferred Bid Design, in October 2019 the Norwegian EPC Contractor Vei- 
dekke entrusted ILF Consulting Engineers also with the Detailed Design of the Soil Tunnel, 
which despite its relatively short length, is considered the most challenging part of the project. 


2 THE “SOIL TUNNEL” 


The term “Soil Tunnel” is used in the project to refer to the sector of the mined tunnel which 
is mainly excavated in granular soil and at the same time to differentiate it from the “Rock 
Tunnel” sector, excavated exclusively in hard rock. 

Because the Soil Tunnel includes an area where the ground conditions transition from soil 
to rock, the length of 290 m is divided into three sections (see also Figure 1): 


— Soil section: 180 m of excavation in granular soil commencing at the tunnel portal. 
— Mixed-face section: 75 m where the tunnel face has soil overlaying rock. 
— Rock section: 35 m of excavation fully in rock but with rock cover below 5 m. 
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Figure 1. Longitudinal section of the Soil Tunnel. 
2.1 Local geology and hydrogeology 


The main technical challenges that the design of the Soil Tunnel had to face are associated 
with the local geological and hydrogeological conditions. 

The granular soil found in the first part of the Soil Tunnel is defined as a moraine deposit 
or glaciofluvial sediment which overlays the rock bed and is composed mainly of sand, gravel 
and boulders of different sizes. By combining the results of different site investigations carried 
out in the vicinity of the tunnel, it was concluded that the average content of fines is approx. 
7%. Due to the low presence of fines, the soil was expected to have a very low cohesion or 
even to contain some layers of cohesionless material. 

This type of soil is extremely unstable when excavated in dry conditions, with the presence of 
groundwater it becomes a high-risk scenario for open-face tunnelling as water and sand would 
tend to flow into the tunnel, if this inflow is not controlled sufficiently fast, it could rapidly 
result in a large volume loss, ground movement and eventually the collapse of the excavation. 

In the case of the Soil Tunnel, the groundwater level (GWL) is located approx. 2 m below 
the tunnel axis for the first 150 m of excavation, then it raises until it reaches 10 m above the 
crown at Tunnel Metre (TM) 290, as visualised in Figure 1 above. An added problem was that 
lowering the GWL was not allowed as the Project Requirements limit the amount of ground- 
water that can be extracted to 20 I/min/100 m. This figure also represents the maximum water 
ingress permitted into the tunnel during construction. 

The mixed-face and rock sections of the Soil Tunnel also present their own challenges, for 
example a combination of conventional methods with excavators and drill and blast is 
required when both soil and rock are present. In the rock section, it is critical that the low 
rock cover is highly impermeable and stable to prevent water and/or material ingress from the 
overlying saturated soil into the excavation. 


2.2 Additional challenges 


In addition to the difficult geological and hydrogeological conditions described in chapter 2.1, 
the Soil Tunnel design had to consider other elements which bring additional risks and chal- 
lenges to the table: 


— Low overburden, varying between 8 m at the portal and 30 m at the Soil Tunnel end. 

— Large tunnel cross section of approx. 156 m° (14.76 m wide and 13.08 m high). 

— Tunnelling in an urban environment below houses, roads, services and utilities. 

— Strict Project Requirements in terms of allowed ground movement. For example 
a maximum settlement for rigid buildings or flexible utilities of 30 mm. 


3 DESIGN SOLUTION 


Because the lowering of the GWL was not permitted, it was evident that some type of ground 
treatment would be required to minimise water ingress during excavation. Trying to find 
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positives in the existing challenges; the low overburden opened the possibility of ground treat- 
ment from the surface, with the granular soil being the perfect substrate for a cement-based 
treatment. 

Ground treatment, in addition to reducing the soil permeability, will also improve the mech- 
anical properties of the soil, for example shear strength and soil stiffness, as a result, the 
ground becomes more stable when excavated whilst the ground movements and the associated 
impact on the existing infrastructure are reduced. Table 1 shows how some soil geotechnical 
parameters are improved after the jet grout treatment is carried out. 


Table 1. Geotechnical parameters for soil and jet grout. 


Parameter Symbol Unit Soil Jet grout 
Young’s modulus E MPa 75 800 
Cohesion e kN/m? 0-5 460 


Permeability k m/s 104-105 106- 108 


Jet grouting was the treatment method specified in the design, as it was considered the most 
effective and efficient in the given conditions. The final design solution consisted of a 2 to 
2.5 m thick ring of jet grout built around the tunnel excavation profile. All the ground improve- 
ment works would be executed by drilling from the surface overlapping vertical and inclined jet 
grout columns in advance of the tunnel excavation works. In the mixed-face section, the jet 
grout ring is founded on the rock surface resulting is an arch rather than a ring (Figure 2). 


Tunnel metre: 20 Tunnel metre: 220 


Road i 
L Road fc 


Figure 2. Treatment ring in soil section (left) and arch treatment in mixed-face section (right). 


The main design requirements regarding the jet grout ring were: 


— Acharacteristic uniaxial compressive strength (UCS) of at least 2 MPa. 
— No through gaps connecting the tunnel with the untreated soil. 
— A permeability between 100 and 1000 times lower than the untreated soil. 


The design also defined that the jet grout ring/arch should be divided into individual com- 
partments by building transverse vertical jet grout walls approx. every 20 m along the tunnel 
(Figure 3). By dewatering these compartments from the surface and monitoring the water 
level inside the compartment, it would be possible to identify whether there are major water 
leakages through the jet grout ring that could then cause difficulties during tunnel excavation. 
If leakages were detected, they would be fixed or managed more efficiently knowing at least 
which compartment they are located in. 

Other jet grout elements included in the design were: 


— Face columns: Staggered rows of two vertical jet grout columns across the excavation face. 
They reduce the area of untreated ground at the excavation face and therefore also the risk 
of face instabilities (Figure 3). 
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— Starting jet grout block: A solid jet grout block instead of a ring to provide additional 
safety in the first 10 m of excavation after tunnel break out. The first part of the block was 
extended to the surface so it could act as the end wall of the C&C box. 

— End jet grout block: At the end of the mixed-face section another solid block was imple- 
mented. The block was extended until the rock cover is minimum 2 m to avoid that a rock 
failure or just joints/cracks could connect directly with the saturated soil above. 


Figure 3. Tunnel face with jet grout face columns (left) and jet grout compartment wall (right). 


4 GROUND IMPROVEMENT WORKS 


The Italian subcontractor Trevi was responsible for the execution of the jet grout works. A total 
of 2100 columns were needed, adding to a total treated length of 19,200 m and a treated volume 
of 81,800 m°. The accumulated drilling length reached almost 58,000 m, with individual lengths 
ranging between 20 and 38 m. Most of the executed columns (88%) were vertical, however, the 
presence of houses above the tunnel required the execution of inclined columns up to 23.5°. 

Pre-production trials were carried out in order to obtain the optimal configuration of opera- 
tive parameters that would allow the fulfilment of the design requirements in terms of perme- 
ability, compressive strength and column diameter. The results of the trials showed that 
2 m diameter vertical columns and UCS values of at least double the minimum required of 2 
MPa could be achieved with a double-fluid system and a grout w/c ratio of 1.5. 

The jet grout production commenced in July 2020 using a maximum design diameter for the 
vertical columns of 2 m. It was soon obvious that the execution of the 3623 columns planned at 
that stage would take longer than anticipated, mainly due to the high presence of boulders, and 
delay the start of tunnel excavation. For this reason it was agreed to reduce the required number 
of columns by: 


— increasing the column design diameter to 2.5 m, new trials were carried out successfully to 
confirm that this was achievable, and 

— reducing the number of inclined columns by demolishing three houses above the tunnel. 
Above 25° of inclination only 1.2 m diameter can be achieved with certainty, thus more 
columns are needed for the same treated volume if compared with vertical columns. 


With these two measures the total number of columns was reduced in more than a 40% 
(from 3623 to 2100), and the number of inclined columns in more than 80% (from 1434 to 
252). Site productivity was also increased with the addition of a second batching plant and 
a total of six jet grout rigs on site, jet grout works were completed in December 2021. 


5 ROCK GEOTECHNICAL INFORMATION 


During the design phase there was great uncertainty regarding the geotechnical characteristics 
of the rock mass that had to be excavated as part of the Soil Tunnel. Several drilling 
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Figure 4. Below surface 3D view from BIM model showing the jet grout columns along the Soil Tunnel. 


campaigns were carried out in the vicinity of the tunnel during the project early stages, how- 
ever they focused on soil and the hydrogeological regime, rather than the rock mass 
characteristics. 

A highly weathered or fractured rock could bring additional challenges to the design and con- 
struction of the Soil Tunnel, including stability problems and water ingress through the rock 
mass or at the jet grout arch/rock interface in the mixed-face section. To prevent these issues, 
rock pre-grouting, carried out mainly from the tunnel, was included in the design to reduce the 
permeability of the rock mass if required, however, in order to define the rock injection param- 
eters it was essential to determine the main geotechnical parameters of the rock mass. 


5.1 Additional rock investigation 


In order to determine the above mentioned rock geotechnical parameters, ILF defined the 
borehole and testing requirements of a new rock investigation campaignA. The new boreholes 
were also used to sample and analyse the soil above the rock, mainly with the intention of 
determining the content of fines as it was suspected that previous campaigns could have 
underestimated this value by washing out some of the fines during drilling. 

The rock investigation campaign results presented in October 2021 for the two 100 mm 
boreholes drilled show generally a good quality rhomb-porphyry rock with low joint fre- 
quency and almost no signs of weathering. RQD values typically range between 80 and 100. 
Regarding the soil, the boreholes indicated a high content of fines, between 20 and 40 %, and 
also the presence of clay in the 2 m above the rock. These results were considered positive in 
terms of excavation stability and potential water ingress, both the rock and the soil immedi- 
ately above are expected to have low permeability and pre-grouting would likely not be 
required. On the other hand, the high content of fines could affect the properties of the jet 
grout, which execution had almost been completed at this stage. 


6 JET GROUT TESTING 


Coring and recovery of the jet grout was carried out from the surface, the UCS, Young’s modu- 
lus and density of the selected samples were determined with laboratory tests while in-situ 
Lefranc tests were performed in each borehole to assess the permeability. Between two and four 
cores were drilled in each of the 12 jet grout compartments. See Table 2 for summary of results. 


6.1 Compressive strength 


The average UCS results for Compartments | to 8, the soil section of the Soil Tunnel, sits 
between 9 and 11 MPa, approximately 5 times higher than the minimum 2 MPa required in 
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Table 2. Summary of jet grout compressive strength and permeability test results. 


Compressive strength 


Boreholes Samples Average Minimum Maximum Permeability 

Compart- 

ment number number MPa MPa MPa m/s 

Cl 2 8 9.51 5.43 15.25 3.9 x 108 
C2 2 8 9.37 5.16 20.81 22x 10° 
C3 4 16 11.8 5.62 21.01 7.8x 10° 
C4 3 12 11.59 3.76 28.66 72x 10° 
C5 3 12 10.09 44 19.05 7.3 x 108 
C6 4 16 9.71 1 24.85 3.3x 107 
C7 3 16 10.38 3.03 24.97 2.3 x 10°7 
C8 3 12 10.24 2.98 17.72 1.8x 107 
C9 3 12 17.55 4.13 61.14 1.7x 107 
C10 3 10 8.45 1.25 18.92 2.0 x 107 
Cll 3 8 2.26 1.12 8.18 3.4x 107 
C12 3 5 13.92 1.69 22.44 3.0 x 107 


the design. Compartment 9, already in the mixed-face section, shows an average UCS of 17.55 
MPa, mainly due to two samples out of 12 having a very high strength of 55 and 61 MPa. 

The average UCS results for Compartments 10, 11 and 12 are 8.45, 2.26 and 13.92 MPa 
respectively, however, sections of the coring recovered in these three compartments show 
clearly a distinct darker, almost black, layer over the rock surface, with approx. 2 m thickness. 
This more cohesive clayey material has a high content of fines and also includes pebbles, this 
information matches the results of the rock investigation campaign described in Section 5.1. 

Despite the average results always being above 2 MPa, UCS results for these silty/clayey 
samples ranged between | and 2 MPa; it seems that the trialled operative parameters and 
assumptions made for the jet grout works were valid for the sandy/gravelly soil with low cohe- 
sion but not fully effective in more silty/clayey soil. Because the presence of this layer of silty 
material was discovered during the 2021 new rock investigation campaign, after having com- 
pleted the jet grouting of C10, C11 and C12, the only possible measure at that point was to 
drill some additional jet grout columns to improve the quality of the treatment locally. 

In addition, ILF carried out an additional structural assessment for C11 with reduced jet grout 
parameters, conservatively based on the lowest parameters tested (UCS= 1.12 MPa and E= 160 
MPa). C10 and C12 only had one sample each below 2 MPa, however 7 out of 8 samples in C11 
were below 2 MPa. The results of this new structural assessment indicated that the jet grout arch 
would still be stable during excavation, but higher ground movement and tunnel deformations 
were to be expected, also greatly influenced by the low Young’s modulus assumed. 


6.2 Permeability 


Permeability was expected to be in the range of 10° - 10° m/s, the design assumed 
a conservative value of 5 x 107 m/s. All the in situ permeability tests performed show satisfac- 
tory results with values always between 5 x 107 m/s and 10° m/s. 


7 CONSTRUCTION 


The soil tunnel excavation was carried out between December 2021 and July 2022 without any 
significant delays, accidents or incidents. The ground treatment performed as anticipated, cre- 
ating a safe environment for the workers and without having any significant water ingress, 
tunnel deformation or ground movement during excavation. When observed from the tunnel, 
the jet grout ring was homogeneous, with no through gaps, strong, and even very hard to 
excavate at times, requiring the use of the hydraulic hammer. Only in two areas an excavation 
over-break, with no consequences, was registered; these were located at the end of C11 and 
beginning of C12, where weaker jet grout had been identified during the jet grout testing. 
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During the excavation works, no measurable water ingress was detected, only minor local- 
ised seepage. Before excavating through each jet grout compartment wall, probing into the 
next compartment was carried out to verify that it was dry. As no flow of water was ever 
detected, soil treatment, dewatering of the compartment or rock pre-grouting from the tunnel 
were not required during any construction stage. The design included a number of contin- 
gency measures to manage unexpected behaviour in terms of face stability, water ingress, high 
ground movements or deformations, but none of them had to be implemented. 


7.1 Sequence and progress 


The tunnel face was divided into top heading (66 m°), bench (51 m°) and invert (39 m°). The entire 
top heading was completed before the bench and invert excavation started without the need for 
temporary invert or elephant feet. The excavation of the bench and the invert alternated but with- 
out strict requirements regarding closure of the lining ring, sections of bench up to 120 m long 
were sequentially excavated and supported before moving to a section of invert excavation. 

In the soil section, the typical advance lengths implemented were 2.2 m (top heading), 
4 m (bench) and 8 m (invert). In areas requiring longer excavation time such as the mixed-face 
section or the beginning of the rock section the top heading advance length was reduced to 1.1 
- 1.3 m as indicated in the design. Typically working 20 h/day between Monday and Friday 
and 10 hrs on Saturday, the maximum production rates in the soil section were 25 m/week for 
the top heading, 50 m/week for the bench and more than 50 m/week for the invert. 


Figure 5. Excavation face in mixed-face section with layer of silty/clayey soil above the rock. 


7.2 Excavation and support 


Shotcrete (30 cm) and mesh reinforcement (2 layers) were the only temporary lining elements 
required structurally in the soil section, lattice girders were installed typically on every top heading 
advance but only for profile control and aid fixing the mesh. 12 m long grouted self-drilling 
face bolts where installed systematically between the jet grout face columns during top head- 
ing excavation. Spiles were only installed over a 10 - 12m long stretch from the beginning of 
the rock section until the rock cover was more than 3 m, the rest of the top heading excava- 
tion did not require any type of forepoling. Radial bolts were required in the rock section. 

The cross-sectional area of the different advances was always excavated in one step, without 
the need for side-drift walls, pilot tunnels or pocket excavation. 


7.3 Monitoring 


7.3.1 Tunnel deformation 
The maximum tunnel lining deformation was anticipated to occur at the crown in the form of 
settlement, with maximum values of 10 mm in the soil section and between 9 and 5 mm in the 
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mixed-face section. For monitoring purposes, arrays consisting of seven targets each were 
installed every 15 m along the tunnel (every 5 and 10 m during the first 30 m of excavation). 

The results in the soil section were below the prediction, with maximum observed crown 
settlements always below 5 mm. Higher crown vertical displacements of 11 mm were observed 
in two arrays in the mixed-face area, the location of these arrays (TM 210 and TM 225) cor- 
responds with the end of Compartment 10 and the beginning of Compartment 11. 


7.3.2 Surface monitoring 
The maximum surface settlement was predicted to occur above the soil section with values of 
22 mm, in the mixed-face section the values were expected to be lower, between 17 and 8 mm. 
The monitoring results in the soil section showed very small settlements, in most of the 
cases with values between 0 and 2 mm and only two points reaching a 10 mm displacement. 
The mixed-face area also showed movements below the prediction with the exception of two 
points, both at TM 220, with settlements of approx. 16 mm instead of the 10 mm predicted. 
These two points are located above the tunnel centre line in Compartment 11. 


7.3.3 Interpretation of monitoring 

The predicted volume loss was in the range of 0.25 to 0.38 % in the soil section. The fact that 
the vast majority of the monitoring results are below the prediction leads to the conclusion 
that the actual volume loss is generally below 0.25%. 

The surface settlements and tunnel deformations only reached values slightly above the predic- 
tion in the area corresponding to C11 and the end of C10, while geological over-breaks were 
recorded only during C11 - C12 excavation. It is believed that the weaker jet grout observed in 
areas of C10, C11 and C12 and described in Section 6.1, is the reason behind these results, while 
the high jet grout strength and stiffness achieved elsewhere is the reason why the rest of monitoring 
results are below the prediction. In fact, one of the conclusions in the additional structural analysis 
carried out for C11 with reduced jet grout parameters was that the tunnel deformations and settle- 
ments would be higher than initially predicted, but still within acceptable limits. 


8 CONCLUSION AND RECOMMENDATIONS 


The design solution managed to overcome all the initial challenges and was considered 
a success by the Contractor and Client, leading the way for upcoming soil tunnelling projects 
in Norway . With the execution of the jet grout treatment, most of the risk associated with 
traditional soil tunnelling were removed before mining even started, this allowed a very safe 
and efficient tunnel excavation. Some relevant findings are listed below: 


— The required UCS of 2 MPa proved to be adequate to ensure the stability of the excavation 
and reduce the permeability and volume loss. Higher values are more demanding to exca- 
vate, lower values increase ground movements and the risk of local instabilities. 

— The ring thickness of 2 m is also considered optimal and robust to deal with uncertainties 
such as ground changes or boulders that could produce local over-breaks. 

— The exercises carried out to optimise the number of columns and reduce the number of 
inclined columns were critical to ensure that no major delays occurred to the project. 

— The jet grout trials were carried out in the portal area, where the soil had a lower content 
of fines, providing the optimal material for jet grout treatment. In cases of varying ground 
conditions, the trials should assess the results at different locations to determine if the 
operative parameters and the design are valid for the entire treatment area. 

— The pre-design ground investigation campaigns underestimated the content of fines in some 
soil layers close to the rock surface. With more accurate information during the design 
phase, most likely, a more efficient jet grout column pattern with more, smaller and closer 
columns, could have been planned for the mixed-face section. 
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ABSTRACT: In 2015, the Tunnel Boring Machine (TBM) used for the First Street Tunnel 
Project (FST) was abandoned in place after completion of the 822 m long (2700 ft) tunnel 
drive. Later in 2022, as part of the Northeast Boundary Tunnel (NEBT) project, the connec- 
tion between FST and NEBT was completed, including a challenging removal of the FST 
TBM from inside the NEBT. This paper describes the design and construction efforts neces- 
sary to perform the final connection at the intersection of FST and NEBT, including ground 
improvement, SEM excavation works, TBM dismantling and installation of permanent lining. 


1 INTRODUCTION 


As part of the Clean River Program, the Northeast Boundary Tunnel Project NEBT will provide 
a complete system where sanitary storm water from the local urban environment is treated before 
being discharged into the Anacostia River. The goal of the project is to reduce the Combined 
System Overflow events into the Anacostia River, as part of the stormwater management. The 
NEBT is the largest division of the Clean River Project and is a 5 miles long tunnel excavated 
with a single shield Earth Pressure Balance Tunnel Boring Machine TBM-EPB “Chris”. The seg- 
mental liner is 23-foot inside diameter constructed with 6-ft long rings connected with mechanical 
dowels. The NEBT tunnel passes close-by the First Street Tunnel FST completed in 2015 as 
a portion of the Clean River Project. The FST was built using a TBM-EPB which was abandoned 
in place after tunnel completion. The NEBT was completed in 2021 and the connection between 
the two tunnel was finalized after removing the abandoned TBM. Due the very dense urban con- 
text, no access shaft was constructed to facilitate the FST-TBM removal. However, after improv- 
ing the ground around the future tunnel connection, Lane Construction was able to excavate 
a SEM tunnel to intercept the abandoned TBM and remove it from within the NEBT. 


2 GROUND IMPROVEMENT PROGRAM, CHALLENGES AND PERFORMANCES 


The connection between the NEBT and the FST was to be completed below the intersection 
of Rhode Island Avenue and First Street in Washington DC. Rhode Island Avenue is one of 
the busiest arterial in the US capital and due an high density urban environment, a retrieval 
shaft for the TBM would have been too impactful for the community. To allow the connec- 
tion between two tunnels, the abandoned TBM had to be removed from underground. 
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Overall Project Map | 


Figure 1. Northeast Boundary Tunnel Project. 


In order to facilitate the construction of tunnel connection and mitigate the risk related to 
the underground excavation, Lane Construction and Salini-Impregilo (WeBuild) JV designed 
and constructed ground improvement zones to resist the earth and hydrostatic loads during 
the Sequential Excavation Method (SEM), considering no dewatering was allowed. The 
ground improvement consisted of a jet-grouting block surrounding the abandoned TBM. Fur- 
thermore the improved ground block was intended to receive the TBM cutterhead during 
excavation of the NEBT and perform a scheduled open-air intervention inside safe haven. 


Figure 2. NEBT and FST. 


The soils at the tunnel connection between the two tunnels were Silty sand, gravel with 
interbeds of silty clay. The ground improvement zone had to act for both ground improve- 
ment and water cut off, therefore the abandoned TBM was to be sealed from water intrusion. 
Because of the high urban density, the area was crossed by several utilities, so the design of 
the jet grouting block had to take in consideration that most of the utilities were to be kept in 
operation during the grouting program. 

All utilities crossing the jet grouting zone of influence ZOI were instrumented and moni- 
tored during the jet grouting operations. The jet grouting layout had to be designed to avoid 
impacting on utilities as well to reach the minimum ground improvement area. All the utilities 
were not impacted from the jet grouting operations since the JG columns were drilled near the 
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Figure 3. Jet grouting zone of influence. 


utilities. However, due to the presence of a 2+ m (7.6 ft) sewer line which had to be kept in 
service, some JG columns had to be drilled through a live sewer pipe. Prior starting the drilling 
campaign, a series of sleeves were installed where the JG columns were to be drilled crossing 
the sewer. Each sleeve was installed after reinforcing the 50 years old sewer. 
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Figure 4. Sleeve inside sewer pipe. 


The main challenges during jet grouting operations were: 1. reaching the minimum grouting 
volume, including the portion under the abandoned TBM - 2. avoiding impacting on live utilities 
considering the location of the site on Rhode Island Avenue. The ground improvement zone was 
designed using three different jet grouting shape columns. A circular 2 m (6 ft) column as well two 
semi-elliptical shape columns of 2 x 2.8m ( 6 x 9.25 ft) and 2.2 x 3.5 m (7.5 x 12.5 ft). 

The semi-elliptical shape columns were used to improve the ground underneath both util- 
ities and the TBM shield and ensure the minimum 0.5 m overlap between columns was 
achieved. The semi-elliptical columns were using two set of parameters, a fast rotational speed 
for the short side and a slower rotational speed for the long side. To reach the minimum 
coverage around the NEBT TBM to create a safe-haven for a free air intervention, eight col- 
umns were drilled with an inclination from within the available construction site area. 

A coring program at the completion of the Jet grouting operations, confirmed the minimum 
overlap between columns was achieved. However, the area underneath the sleeved utility as 
well below the abandoned TBM was investigated from within the NEBT at a later stage as 
discussed in the following chapter. 
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Figure 5. Jet grouting layout. 
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Figure 6. Jet grouting section. 


3 FIRST STREET CONNECTOR TUNNEL & EXCAVATION 


Various TBM components including the cutterhead, main bearing, and shields were aban- 
doned in place and decommissioned during construction of the First Street Tunnel Project 
(FST) completed in 2015. Two bulkheads were constructed to allow the FST to be in service 
upon its completion and isolate the FST-NEBT connection works envisioned for the DC 
Water Clean River CSO Project during the NEBT construction. The first bulkhead was con- 
structed within the completed FST and was constructed with steel to prevent sewer water to 
seep into the tunnel while completing the connection works. The second bulkhead was com- 
posed by bentonite grout and was constructed within the TBM excavation chamber to prevent 
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that seepage water could penetrate the cutterhead as well while connecting the two tunnels. To 
perform the connection between NEBT and FST, the TBM parts left in place needed to be 
removed as part of the NEBT contract, in addition to approximately 12 m of tunnel which 
needed to be constructed with a final internal diameter of 5,6 m. 

The connection tunnel from the NEBT to the abandoned TBM towards the FST was con- 
structed using the principles of the Sequential Excavation Method SEM. Tunneling of the First 
Street Connector Tunnel (FSCT) started in April of 2022 and was performed from the NEBT due 
to access and construction restrictions at the FST. The First Street Connector Tunnel (FSCT) 
excavation was performed from the NEBT through the jet-grout block. The FSCT cross section 
was designed to be 22,5 m*, horseshoe-shaped and split into a top heading and subsequent bench 
excavation. The excavation was performed with a remote controlled Brokk 400 excavator 
equipped with a demolition hammer and supported by a regular Yanmar mini excavator used for 
mucking of the excavated material. Installation of two lattice girders was foreseen mainly to con- 
trol the excavation profile and avoid over-excavation. The shotcrete set-up used prefabricated 
dry-mix in bulk-bags and manual application by ACI certified nozzlemen. 

Excavation of the First Street Connector Tunnel and subsequent dismantling of the decom- 
missioned and abandoned First Street Tunnel TBM started at the end of April of 2022. The 
excavation to and around the TBM was completed on June 2, 2022. SEM excavation included 
excavation and support of a “ring” around the TBM cutterhead and installation of shotcrete 
around the cutterhead. 
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Figure 7. S.E.M. Temporary support. 


Figure 8. SOE around TBM. 


A mandatory 18” circumferential cast in place final lining was installed inside the NEBT seg- 
mental lining at the zone of the FSCT break-in, therefore no additional propping measures were 
necessary. This required afterwards west of the FSCT installation of a 12 m long concrete invert 
which smoothened the transition between this final lining and the regular gradient of the NEBT 
to guarantee the free flow of sewer water towards the east. After carefully breaking out through 
the NEBT segments, excavation of the FSCT top heading cross section was performed and — 
after evaluating the water cut-off function of the jet grouting — subsequently extended in size. Spe- 
cial attention had to be put on the intersection in the top. Due to the fact that NEBT and FSCT 
were more or less the same size, the intersection extended horizontally over 10+ feet for the first 
excavation round. The exceptional quality of the jet grout allowed excavation without significant 
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problems. Some water ingress (8-10 gpm) developed at the borderline between segmental grout 
and jet grout, probably due to minimal movements within the ground. However, visual observa- 
tion and frequent manual quantity monitoring of the water flow did neither indicate any ground 
erosion nor increasing groundwater flow quantities - the water was therefore channeled into 
a hose which could easily get grouted after completion of the shotcrete shell. 


Figure 9. Excavation works top heading FSCT in jet grout. 


Monitoring of convergencies in the NEBT and the freshly excavated FSCT was performed 
as an essential part of each SEM excavation. Observation arrays consisting of convergence 
targets did however not show any significant movements. The short top heading excavation 
was completed on May 6, 2022 and was followed by a partial dismantling of the cutter head in 
the upper portion of the tunnel. 

Tunneling works continued on May 19, 2022, with the bench excavation. Excavation was per- 
formed with the same equipment concept but had to be complemented by significant manual 
excavation work in the areas behind the segments which were not accessible by machine. 


Figure 10. Cutterhead FST TBM dismantling. 


It turned out that the jet grouting extended far enough underneath the TBM, excavation was 
possible without significant problems and without damaging water ingress. Smaller groundwater 
leaks in these jet grouted areas («< lgm total) were observed and encountered but did not provide 
any complication. The excavation works were successfully completed on June 2, 2022. 


4 TBM CUTTERHEAD DISMANTLING 
Immediately after the abandoned TBM was exposed, the FST TBM dismantling was envi- 
sioned to be accomplished in steps starting from the cutterhead, which portion above the 


springline was to be cut in 3 sections (Figure 11, right). However prior cutting any portion of 
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the cutterhead, the bentonite grout bulkhead located within the excavation chamber was 
removed. The TBM cutterhead cutting activities commenced as soon as the top heading sec- 
tion of jet grouting was excavated and cutterhead cleared from any debris. 

Once the access to the excavating chamber wall was available, the crew cut a gas-relief hole 
through the main bearing frame window using a magnetic drill at low frequency in order to 
inspect for presence of gases and seepage water. No gases were observed but approximately 10 
feet of water were present between the main bearing frame and steel bulkhead. The water was 
finally pumped out, so the TBM cutterhead dismantling and pumping activities progressed at the 
same time. 


Figure 11. Section #1 lowered with chain falls (left) and FST TBM Cutterhead cuts above the spring 
line (right). 


Considering the individual weight of each cutterhead piece to be removed and that the 
design did not envision anything to be anchored to the TBM skin or SOE, chain falls and 
come-along were installed through the cutterhead openings to safely secure each piece before 
being cut. Once each piece was lowered on the ground it in was cut in smaller pieces and trans- 
ported away using a forklift. 

Once the portion of jet-grouting below the springline was excavated and bentonite grout 
bulkhead located within the excavation chamber was removed, the portion of TBM cutter- 
head below the FST sprinline had to be cut in pieces, with the same methodology described 
above (Figure 12). Following the cutterhead dismantling, the main bearing had to be removed 
in pieces following the TBM design drawings. The remaining main bearing casing was then 
cut around the circumference and lowered down using chainfalls. In order to continue with 
the dismantling works, the main bearing frame was cut to only 17 ft from the invert, so that 
the top remaining portion of the main bearing frame could support the shield from converging 
due to lack of internal support. 


TENTATIVE 
CUTTERHEAD CUT 


Figure 12. TBM cutterhead cutting sequence Below FST springline. 
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Figure 13. TBM main bearing frame portion to be cut. 


5 CONSTRUCTION OF CAST IN-PLACE LINER 


The general pour sequence for the 18 inches thick reinforced Cast In-Place Liner (CIP) at FSCT 
was conducted in a total of 4 pours (Figure). The wooden formwork chosen was sectional and 
was assembled inside the connection and was reused for both bottom and crown pours. Consider- 
ing the geometry, the formwork had to be transported outside of the tunnel to be flipped and 
installed for the subsequent pours. Pours #1A and #1B were completed first and extended from 
the CIP liner already poured into the NEBT to the FST TBM Shield articulation joint. Then, 
pours #2A and #2B extended from end of pour #1A and #1B to the FST segmental liner. Pours 
A were completed below the FSCT springline and pours B were completed above the FSCT 
springline. Due to the geometry of the pour and heavily presence of reinforcement 
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Figure 15. Pour 1A (left) and Pour 1B (right) reinforcement installation. 
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a self-consolidating concrete (SCC) was selected and poured to cast the CIP liner at FSCT. 
Once pour #1A was completed after the installation of the reinforcement and formwork 
(Figure 15, left), the main bearing frame that was left in place was cut completely and in order 
to leave space for the reinforcement and crown reinforcement installations (Figure 15, right). 

Pour #1B had to reach 80% of its strength prior to continue with the TBM erector support 
frame dismantling of the bottom section. The segment erector frame top section was only 
removed once the CIP liner pour 2A was completed. The same procedure was following for 
pours #2A and #2B, which were casted against the existing FST segments. 


6 CONCLUSIONS 


The excavation of the First Street Connection Tunnel was completed in a timely and safely 
manner. The ground improvement successfully met the design requirements of soil- 
replacement to allow the SEM excavation and water cutoff around the abandoned TBM. 
During the installation of the Jet-grouting columns several challenges arose such as working 
in a congested urban environment, ground heave caused by high grout pressures, spoil man- 
agement and a significant effort to create large diameter jet-grouting columns (up to 10 ft) in 
high-plasticity fat clay. An extensive coring campaign as a quality check was performed from 
the surface as well from the NEBT to validate that the ground improvement minimum cover- 
ages were achieved, especially for the semi-elliptical columns. The SEM excavation was com- 
pleted without major issues. A robust monitoring program confirmed that the impact of both 
ground improvement and SEM excavation was minimal, and the conservative design assump- 
tion as well the reliable means and method selected by Lane Construction resulted in a high- 
quality work without impacting the urban community. 
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ABSTRACT: Deep shafts provide critical support services for underground mines and 
therefore robust engineering assessment and design processes are vital for their successful, 
cost-effective construction and reliable operation. With the trend towards increasingly chal- 
lenging and complex shaft projects in terms of diameter, depth, ground conditions and 
demands for optimisation, there is an ever-increasing need for improvements to the engin- 
eering processes. Conventionally, geotechnical assessments for shafts have widely employed 
empirical methods such as the Raise Bore Rock Quality (Qr) system proposed by 
McCracken & Stacey (1989). While these methods have provided a useful tool to aid design, 
they have typically been based on a limited database of project experience and so their 
results need to be interpreted in the context of local experience and engineering judgement. 
To advance the engineering process and achieve optimised designs, a more quantified 
approach that considers the site-specific conditions is required. This paper describes an 
approach based on Discrete Fracture Network (DFN) modelling integrated with disconti- 
nuum-based numerical modelling. In this approach, features observed in drill core and tele- 
viewer logs are used to derive a stochastically representative ‘synthetic rock mass’ model, 
which then can be exploited to assess potential rock mass behavior. The DFN model devel- 
oped was incorporated into a full-fledged 3D discontinuum model to assess the rock mass 
instability, joint-controlled wedges and stress-induced spalling potential. This combined 
approach allows us to quantify the likelihood of instability in different rock strata, potential 
rock wedge sizes, factor of safety of different wedges, potential rock mass deformation and 
potential major failure mechanisms which are a combination of major instability factors. 
Ultimately, this approach allows engineers to optimise possible solutions for shaft excava- 
tion and support design. 


1 INTRODUCTION 


For underground mines, shafts provide ventilation, access, and other critical services. The 
high capital cost for construction, and the even higher opportunity cost of any unexpected 
interruptions to shaft operation, mean that robust and rigorous engineering assessment and 
design processes are needed to help support the successful completion of shaft projects. In the 
mining industry, there is an increasing trend towards larger diameter and deeper shafts. Also, 
shaft excavations rely on rapid excavation methods (i.e. less than 6 months) to accommodate 
production activities. For this purpose, raise and blind boring techniques are typically 


DOI: 10.1201/9781003348030-231 


1923 


preferred compared to drill & blast techniques, as they offer better control in rock mass stabil- 
ity during excavation. 

Conventionally, geotechnical assessment and design processes for shafts adopt empirical 
methods, such as the Raise Bore Rock Quality (Qr) system proposed by McCracken & Stacey 
(1989) which is primarily based on the Q-system (Barton et al, 1974). Certainly, such methods 
have contributed to successful delivery of numerous projects in the past few decades, and their 
use will undoubtedly continue in the future. However, it should be acknowledged that these 
methods are only as good as the available data, as highlighted by Palmstrom & Broch (2005), 
Potvin & Hadjigeorgiu (2016), Penney et al. (2018), and Potvin et al (2019). It should also be 
noted that assessment outcomes based on empirical methods can be biased by personal experi- 
ence and understanding. Penney et al. (2018) highlighted common errors consistently observed 
related to the use of the (Qr) system. 

Considering those limitations, a more quantified, objective and verifiable approach that 
considers site-specific conditions to achieve optimised shaft designs is desirable. The Discrete 
Fracture Network (DFN) approach provides an alternative method that can overcome some 
of the drawbacks described above. It is built upon a set of quantifiable rock mass descriptors; 
including defect orientation, trace length, and intensity; to represent equivalent rock mass con- 
ditions in a statistical way. Combined with 3D Distinct Element Method (DEM), this 
approach provides for a more comprehensive assessment of a wide range of parameters; such 
as internal and external ground water pressure, block instability, progressive failure, etc. Also, 
it allows engineers to assess shaft stability based on site-specific ground conditions and to 
design a tailored solution accordingly. Examples of the use of DFN approach in various rock 
engineering projects have been presented by, among others, Rogers et al. (2006), Panton et al. 
(2015), Rogers et al. (2017), and Haryono & Purwodihardjo (2021). 

This paper describes a geotechnical stability assessment for a mine shaft which was exca- 
vated through jointed and fractured rocks. It demonstrates the workflow of the process, from 
applying the empirical approach through to the advanced numerical modelling approach, i.e. 
DFN and 3D DEM based approach. It highlights the benefits of the numerical modelling 
approach in optimising geotechnical stability assessments and designs of the shaft, thereby 
helping to mitigate geotechnical risks and at the same time minimise the conservatism and 
subjectivity inherent in the empirical approach. 


2 CASE STUDY - STABILITY ASSESSMENT OF A DEEP MINE SHAFT 


2.1 Details of the shaft 


The case study described here is focused on a coal mine ventilation shaft with a planned depth 
of 280 m and a final internal diameter of 5.0 m. The selected construction methodology for 
the shaft was blind boring. 


2.2 Geological setting 


The Bowen Basin in Central Queensland covers an area of over 60,000 km? and hosts the 
largest coal reserves in Australia. The geology in the vicinity of the mine includes a veneer of 
Palaeogene & Neogene (Tertiary) sediments comprising semi-consolidated sandstone, mud- 
stone and other minor sediments, overlying the Permian coal measures. The Tertiary and 
Permian sediments are superficially weathered, resulting in the formation of a thin, hetero- 
geneous layer of residual soils and weathered clays. Ground investigation works undertaken 
for the shaft revealed that the most critical horizon geotechnically was the first 36 m below 
ground level (mbgl). This section of the shaft was assessed as being the most susceptible to 
instability during blind-boring due to the presence of the fractured and slake-prone strata of 
the Permian Fairhill Formation, comprising thinly interbedded carbonaceous mudstone, 
coal and tuff. It should be noted that the Fairhill Seam and Fairhill Formation are local 
names applied to the geographical unit recognised by the Australian Stratigraphic Units 
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database as the “Fair Hill”. The following discussion is therefore focused on the first 36 
mbgl of the shaft. 


2.3 Ground investigations and interpreted ground conditions 


Ground investigations undertaken for the planned shaft included geotechnical core drilling and 
logging, downhole geophysical logging (including acoustic televiewer), and laboratory testing. 
Laboratory testing included Unconfined Compressive Strength (UCS) tests with modulus meas- 
urement, Direct Shear (DS) tests of rock joints, Slake Durability Index (SDI) tests, and Cerchar 
Abrasivity Index (CAI) tests. A groundwater monitoring well was installed adjacent to the pro- 
posed shaft location, with the measured water level being at 16.8 mbgl. The encountered ground 
conditions within the first 36 mbgl are summarised in Table 1 and Figure 1 below. 

The results of SDI tests indicate that the sandstone and siltstone units have a low suscepti- 
bility to slaking, while the carbonaceous mudstones/tuffs (14.6 — 25.4 mbgl) of the Fairhill 
Formation have a high susceptibility to slaking. The risk of spalling failure was assessed to be 
low to moderate based on the available information on intact rock strength and in situ stress. 


Table 1. Inferred Ground Conditions at the shaft location. 
Field Inferred 


Depth [mbgl] Lithology Weathering Strength 
0.0 — 2.2 Residual soil Completely - 
weathered 
2.2 — 8.3 Sandstone Moderately to highly Very low to 
weathered medium 
8.3 — 14.6 Interbedded sandstone & siltstone Slightly weathered Low to high 
14.6 — 25.4 Interbedded coal, Carbonaceous mudstone & Moderately weathered Very low to 
Tuff (Fairhill Formation) to fresh medium 
25.4 — 28.0 Siltstone Fresh to slighty Medium to 
weathered high 
28.0—36.0 Sandstone Fresh High 
Intact Rock Strength [MPa] Core Photo of Slightly Weathered Sandstone & Siltstone 


0.1 1 10 100 1000 (8.3 — 14.6 mbgl) 


0 Residual Soil, completely 
weathered 22 mbgl 
5 Interbedded Sandstone & 
Siltstone; from moderately to 
highly weathered; very low to 
10 high strength 
i e Bii- 14.6 l i i 
215 mbg "a ) 
E Interbedded Coal, 
2 Carbonaceous Mudstone, & Core Photo of Interbedded Coal, Carbonaceous Mudstone, 
a 20 Tuff (Fairhill Formation); & Tuff (20.0 — 25.6 mbgl) — Fairhill Formation 
Å moderately weathered to fresh; a - ia e 
very low to medium strength 
25 jet lll ll 25.4 mbgl 
Interbedded Sandstone & 
30 Siltstone; slightly weathered 
to fresh; medium to high a 
strength 
35 =— 
—— Geophysical Data Based on Site-specific Correlation | Shaft continues down to 
Geophysical Data Based on McNally (1987, 280 mbgl (not this 
= Lab me cone oe i ) PYE Note: The Fairhill Seam and Fairhill formation are local names 
=== Spalling Limit Paj applied to the geographical unit recognised by the Australian 
— + Inferred Maximum Hoop Stress Stratigraphic Units database as the “Fair Hill”. 


Figure 1. Summary of Ground Conditions. 
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2.4 Proposed construction methods and sequence 


Blind boring was adopted as the main excavation method for the shaft. For the critical inter- 
val (0 — 36 mbgl), some modifications were designed to aid stability. The first 9 mbgl of exca- 
vation was designed to be open-cut (sloped), with a pre-sink liner (5.1 m dia.) to be installed 
into the open cut excavation and then backfilled with concrete around the outside. Following 
this, the first stage of blind boring would commence from inside the pre-sink liner and pro- 
gress to 28.4 mbgl, with internal fluid support being provided to assist in maintaining rock 
mass stability prior to liner installation. The Stage 1 steel liner (4.6 m dia.) is then to be 
installed to 28.4 mbgl and the liner annulus grouted prior to resumption of blind boring and 
installation of subsequent steel liner stages. Below 28.4 mbgl, blind-boring and liner installa- 
tion will continue in stages (not discussed in this paper). 


3 STABILITY ASSESSMENT 


Stability assessments followed a staged approach. A preliminary assessment of the shaft stability 
in rock was undertaken using the empirical approach described by McCracken and Stacey (1989). 
The empirical assessment was intended to be a first pass approach to identify geotechnical zones 
which may warrant more detailed assessment. Based on this, further assessment focused on 
detailed stochastic kinematic analysis using a DFN model, and detailed 3D DEM analysis. 


3.1 Q-Raisebore (Qr) Approach (McCracken & Stacey, 1989) 


McCracken and Stacey (1989) proposed a modification to the Q-system (Barton et al, 1974) to 
derive Raise Bore Quality Index (Qr). Qr applies three adjustment factors to Q values; includ- 
ing wall adjustment factor, orientation adjustment factor, and weathering adjustment factor; 
to account for raise boring conditions. 

McCracken and Stacey (1989) used the concept of Excavation Support Ratio (ESR) to 
develop a relationship between Qpr and the maximum stable unsupported raise bore diameter. 
They considered ESR for safe excavation was 1.3 for a 5% probability of failure. Based on 
this, for a bored shaft with a drilled diameter of 5.0 m, a minimum Qpr value of approximately 
5.1 is required. It can be observed from Figure 2 that a significant proportion of the upper 
28 m of the Shaft does not achieve this minimum threshold value of Qr. Therefore, the risk of 
instability was assessed to be high. This is mainly due to a poorer quality of the rock mass 
between 14.60 to 25.4 mbgl, where the interbedded coal, carbonaceous mudstone and tuff 
beds (Fairhill Formation) were encountered. It should be noted that the portion above 9 mbgl 
will be supported by the pre-sink liner prior to blind boring and therefore any potential 
instability in this area can be mitigated. 


3.2 Estimated stand-up time (Bienawski, 1989) 


Maximum stand-up time was assessed using the approach described by Bienawski (1989). Ini- 
tial assessment results indicated a stand-up time of less than 24 hours for the unsupported 
condition in the Fairhill Formation. This was considered insufficient for the planned blind 
boring approach, since an estimated 33 hours were required to excavate through the extent of 
Fairhill Formation. Further assessment was therefore undertaken to consider the beneficial 
effects of the drilling fluid in supporting the shaft during blind boring, by adopting improved 
ratings for Joint Water Reduction Factor (Jw) and Stress Reduction Factor (SRF). In this 
situation, Q-values were improved by a factor of 2 for the purpose of the stand-up time assess- 
ment, resulting in an estimated stand-up time ranging from 24 to 70 hours. 

From a construction perspective, this timeframe was still considered to be tight, and so care- 
ful planning was required to verify that the assessed stand-up time was not exceeded. For this 
reason, further detailed analysis using the DFN and 3D DEM approach were also required. 
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Figure 2. Interpreted Qr and Unsupported Span Values, and Established DFN Model. 


3.3 Discrete fracture network modelling & stochastic kinematic analysis (fracman) 


The Qr approach was developed to assess stability of unsupported raise bore shafts. As such, 
the results may be overly conservative as they ignore the effect of internal fluid pressure 
during blind boring. To better understand the interaction between rock mass strength and 
structure, internal fluid pressure, and in-situ groundwater pressure; detailed numerical ana- 
lyses using DFN modelling, stochastic 3D kinematic analyses, and 3D DEM analyses; were 
carried out. 

The DFN model was developed using fracture data from geotechnical logging, televiewer logs 
and core photos. Fracture data were analysed to establish defect orientation and intensity for 
each set. The adopted parameters are presented in Table 2. Figure 2 compares the ATV data, 
Qr values, and the DFN model. This process was completed using WSP-Golder proprietary 
software, FracMan (Golder, 2020). The code has been successfully implemented in a wide range 
of applications, including fluid flow in rocks, fragmentation modelling, and tunnelling applica- 
tions (Rogers et al., 2006; Derhowitz et al., 2017; Haryono & Purwodihardjo, 2021). 

Joint shear strengths adopted in the analyses were estimated based on logged joint condi- 
tions (Jr and Ja) and where available, back analysis of Direct Shear tests. Table 3 summarises 
the adopted joint shear strengths. Residual shear strengths have been adopted in the 3D kine- 
matic analyses. The kinematic analyses also considered clamping effect (kH/kV= kh/kv = 0.8), 
presence of internal fluid pressure applied from ground surface (Y = 10 kN/m*), and presence 
of the ground mass within the pre-sink zone as vertical pressure. The piezometric pressure was 
assumed at the top of the Fairhill Formation. Both the DFN and kinematic analyses were 
modelled in multiple realisations to capture equiprobable scenarios. 

In contrast to the empirical approach, the effect of internal fluid pressure to improve the 
shaft stability can be analysed directly in the 3D kinematic analysis, as shown in Figure 3 


Table 2. Adopted DFN Model Parameters. 


Mean Dip/Dip Fracture 
Direction Fisher K P10 Size 
Bedding Partings 
Fairhill Formation 08/045 50 4.3 10m 
Other interbedded Sandstone & Siltstone 08/045 50 2.3 10m 
Subvertical joints 
Fairhill Formation 69/218 50 1.4 5m (+1 m) 
Other interbedded Sandstone & Siltstone 69/218 50 1.4 5 m (+1 m) 


1927 


(only a few critical realisations are presented). It is evident that the internal fluid pressure assists 
in maintaining stability of the shaft, with the number of unstable wedges (with FoS < 1.3) 
decreasing significantly as internal fluid pressure is applied. 


Table 3. Adopted Joint Shear Strengths. 


c,peak @, peak c,residual residual Considerations 
Fairhill Formation 
Bedding and subvertical joints 0 22 0 12 Ja = 4, DS Test 
Other interbedded Sandstone and 
Siltstone 
Beddings and subvertical joints 0 25 0 25 Ja=1-2 


Note: c = cohesion (kPa) and ọ = internal friction angle (degree) 


Analyses without Internal Fluid Pressure Analyses with Internal Fluid Pressure 
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Figure 3. 3D Kinematic Analysis Results — with and without Presence of Internal Fluid Pressure. 


3.4 3D distinct element method analysis — 3 DEC 


The synthetic rock mass model in the 3D DEM analysis (Figure 4) utilised the previously 
established DFN model, with some minor modifications in the Fairhill Formation zone. For 
the interbedded Sandstone & Siltstone layers, the fracture network from FracMan was 
adopted without modification in the 3DEC (Itasca, 2016) model. The Voronoi tessellation 
technique was employed to model the blockiness of the Fairhill Formation using Neper (Quey 
et al., 2011). 

The 3DEC model aimed to assess different scenarios, including: (1) excavation without 
internal support, (2) excavation with internal fluid pressure, and (3) excavation with internal 
fluid pressure considering slaking condition in the Fairhill Formation. Excavations were mod- 
elled in stages. Groundwater level outside the shaft was maintained at the top of Fairhill, 
whilst groundwater level inside the shaft was adjusted according to the advancing base level. 
The adopted joint shear strengths are presented in Table 3. The main difference with the 
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Figure 4. Synthetic Rock Mass Model for Shaft Stability. 


kinematic analysis was that a strain-softening joint model was adopted in the 3DEC model. 
This is also the case for the rock block shear strength, as summarised in Table 4 below. 


Table 4. Adopted Rock Block Shear Strengths. 


c,peak ©, peak c,residual o,residual 
Fairhill Formation 177 15 0 15 
Other interbedded Sandstone and Siltstone 178 46 0 25 


Note: c = cohesion (kPa) and 9 = internal friction angle (degree) 


Figure 5 presents displacement contours of the rock mass within the shaft after excavation 
past the Fairhill Formation. Without any internal fluid pressure, block failure was predicted 
(displacement greater than 100 mm). The predicted Factor of Safety (FoS) in this case is < 
1.0. Similar to the kinematic analyses, application of internal fluid pressure assisted in main- 
taining stability during excavation, even considering slaking condition. Predicted maximum 
displacement and FoS in the case with internal pressure and without slaking was 20 mm with 
FoS > 1.3, and 50 mm with FoS > 1.2 for the case with internal pressure and slaking residual 
shear strength. These results show an improved stability compared to the empirical approach, 
and essentially strengthen the conclusion from the kinematic analyses. 


4 RISK MITIGATION MEASURES 


The results of the 3D DEM analyses were used to inform the development of a Trigger Action 
Response Plan (TARP) for construction of the upper portion of the shaft, incorporating appropri- 
ate risk mitigation measures. The TARP was developed in consultation between the mine oper- 
ator, the shaft construction contractor, and the geotechnical consultant (WSP-Golder). This 
allowed an informed decision to be made with input from different perspectives. The govern- 
ing geotechnical factor for construction of the upper portion of the shaft was the balance 
between the assessed stand-up time of the Fairhill Formation strata and the time required to 
excavate through these strata and then install the steel liner. This was the basis of the trigger 
levels defined in the TARP. Based on the preliminary assessment using the empirical 
approach, the predicted stand-up time was between 24 and 72 hours. In contrast, considering 
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the combined results from the kinematic and 3D DEM analyses, the assessed stand-up time 
was increased to 96 hours, which was still considered to be a conservative prediction. This 
increase was sufficient to allow the contractor to confidently proceed with planning of the 
blind boring, on the condition that appropriate risk mitigation measures were developed and 
incorporated into the TARP. The mitigation measures included monitoring of a range of key 
drilling performance parameters to detect signs of potential instability, combined with 
a contingency plan for dealing with major instability if it were to occur. The parameters to be 
monitored included BHA weight (i.e. weight on the drilling head), drilling torque, quantity of 
soil/rock materials discharged while the drill is not being advanced, and the drilling fluid level. 
In the event that signs of deterioration in the shaft stability are observed, or if it becomes 
apparent that the 96-hour time limit for drilling and liner installation will be exceeded, the 
contingency plan within the TARP required that the blind boring head be removed, and the 
hole be backfilled with mass concrete to stabilise the rock mass. Subsequently, an assessment 
would be made of whether the shaft could be re-drilled at the same location through the con- 
crete backfill, or if it would need to be redrilled in another location. 


EN ae Ore WITH INTERNAL PRESSURE, WITH INTERNAL PRESSURE 
WITHOU U PEAK FRICTION -22 DEG CONSIDERING SLAKING IN 
RESIDUAL FRICTION ANGLE - 12 DEG FAIRBILL FORMATION 


Rock Mass ZESKI 
Movement 


2.7500E-02 
2.5000E-02 
2.2500E-02 
2.0000E-02 
1.7500E-02 
1.5000E-02 


Fairhill] 


1.2500E-02 Formatiqn 
1.0000E-02 

7.5000E-03 
5,0000E-03 
2.5000E-03 
0,0000E+00 


Blocks falling off, predicted Predicted movement is 20 mm Predicted movement is 50 mm 
movement is greater than 300 mm 


Figure 5. 3DEC Analysis Results for Different Case Studies. 


5 CONCLUSION 


While empirical methods have undoubtedly provided a useful comparative tool for first-pass 
assessments of shaft stability, they have a number of shortcomings that may yield overly conserva- 
tive engineering outcomes. In the above case study, it has been demonstrated how the combined 
DFN and 3D DEM approach advances the engineering process by providing a quantitative 
method that considers the site-specific ground conditions. This approach allows engineers to quan- 
tify the likelihood of instability, the size distribution of potential rock wedge failures, the factor of 
safety of different rock wedges, the potential rock mass deformation and the potential major fail- 
ure mechanisms that can form by a combination of major instability factors. Ultimately, this 
approach allows engineers to optimise possible solutions for shaft excavation and support design. 
At the time of writing this paper, the excavation to the proposed final depth and lining of 
the shaft has been successfully completed. During the excavation, there were no trigger levels 
exceeded and no mitigation actions required. The proposed combined DFN and 3D DEM 
approach directly benefited the project by providing a quantitative stability assessment 
method based on site-specific factual data. This allowed for an increased estimate of stand-up 
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time to be adopted as the basis of the TARP trigger levels, which provided additional flexibil- 
ity to the construction program. 
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Lessons learned during excavation of the incredibly challenging 
Yin Han Ji Wei water diversion tunnel 
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ABSTRACT: The 2022 breakthrough of an 8 m diameter Main Beam TBM at China’s Yin 
Han Ji Wei project was a triumph of technology and perseverance — crews at the 17.5 km long 
tunnel encountered over 14,000 rock bursts, some with energy as high as 4,080 kJ. The rock, 
consisting of mainly quartzite and granite, was estimated to have a rock hardness of between 
107 and 309 MPa UCS, with high abrasivity and a maximum quartz content of 92.6%. The 
incredibly challenging tunnel also experienced at times severe water inflows, with one particu- 
lar event exceeding 20,000 m3 of water in one day from a single point. In-tunnel ambient tem- 
peratures peaked at 40 degrees Celsius and 90% humidity. Throughout the challenges, the 
crew and support teams found ways to persevere — whether through unique ground support, 
or increased monitoring and analysis. In this paper, we will examine the successes and lessons 
learned in the incredibly challenging ground conditions, determining what worked best to con- 
front each condition as it came up. Recommendations will be made towards what could be 
used successfully on future projects that encounter these geological features. 


1 INTRODUCTION 


1.1 Project information 


The 17.5 km long Yin Han Ji Wei Tunnel is part of an 82 km long through the Qinling Moun- 
tains near Xi’an City that will link up the Hanjiang and Weihe Rivers in Shaanxi province. 
The completed tunnel will secure a water supply for towns and agricultural areas in Central 
China, while also generating hydroelectricity. The extremely long tunnel is itself part of an 
even more expansive tunnel network under construction — a total of three tunnels being exca- 
vated mainly by drill & blast (Figure 1). 

Only the most difficult sections were selected for TBM excavation in efforts to optimize the 
promoted advantages of TBM excavation—it was determined that higher rates of progress 
under high overburden where extra headings and intermediate adits were impossible, and 
TBMs offered the possibility of greater safety by avoiding exposure of workers to the face and 
into zones of unprotected rock. 

These TBM benefits have been borne out at projects like Peru’s Olmos Trans-Andean 
Tunnel, where a Main Beam TBM enabled excavation despite thousands of rock bursts under 
high cover up to 2,000 m. The project was completed after multiple failed attempts using 
other methods such as drill & blast (Willis et al., 2012). 

It is notable that in meta-studies of tunnels in high cover, mountainous tunnels, the benefits of 
the TBM can only be realized through proper risk mitigation and meticulous planning. For deep 
mountain tunnels, with very few exceptions, major disturbance zones associated with faulting 
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Figure 1. Layout of water diversion project from Hanjiang River to Weihe River. 


have posed the most problems to tunnelling advance, often historically requiring bypass drifts 
and significant ground treatment before being able to be traversed. The need is to look carefully 
not just at the basic geotechnics of deep tunnel alignments in terms of Q/RMR/GSI and other 
key rock mechanics parameters, but also at regional structural geology domains (Carter, 2012). 
Through working with the equipment manufacturer early on, the proper TBM, tunneling param- 
eters, ground support, and ground prediction methods can be utilized to help mitigate risk. 


1.2 Geology 


Site investigation prior to excavation was limited due to the mountainous terrain, and there- 
fore previous projects within the Qinling Mountains were looked at as reference points. These 
projects, however, have had mixed outcomes. In the 1990’s, two German-made TBMs were 
imported for use on a rail tunnel through the Qinling Mountains and experienced very chal- 
lenging conditions. However, in 2010 two 10.2 m diameter Main Beam machines, manufac- 
tured by Robbins, were used on the West Qinling Rail Tunnels in phyllite and sandstone and 
set world records in the 10 to 11 m diameter range. The machines bored up to 235 m in one 
week and 841.8 m in one month. 


Table 1. Limited core drillings were taken — summary of lithology of rock core drillings. 


| rock type | Lithological characteristics distribution | Length (m) | 
Quartz, feldspar, fine crystalline, K27+93-K28+630 
massive structure 


Plagioclase, potassium feldspar, quartz, 
J ea K27+643-K27+930 
biotite and hornblende, granular crystal K28+630-K42+380 14037 
structure, massive 
Plagioclase, quartz, ordinary 
amphibole, biotite, medium-grained | K42+380-K46+360 3980 
and coarse-grained 


Gray and white gray, the original rock is 
granite, diorite-based, with massive 
structure, the rock is more broken, 
broken material, structural surfaces are 
developed. 


K35+450-K35+480 
K45+180-K45+370 
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With mixed case studies to draw on, limited core drillings on the Yin Han Ji Wei project were 
also conducted with moderately hard and abrasive quartzite and granite predicted (see Table 1). 


2 TBM SELECTION AND LAUNCH 


When considering the task for the tunnel construction, the project Owner (Hanjiang-to-Weihe 
River Valley Water Diversion Project Construction Company) and the Contractor (China 
Railway Tunnel Group (CRTG)) agreed that a Main Beam TBM was necessary. Hard rock, 
high stresses and high water inflows were anticipated. The Owner and the Contractor together 
procured an 8.02 m diameter machine, manufactured by Robbins, in 2015. 


2.1 TBM specifications 


The Main Beam TBM TBM was designed for hard rock, high stresses and high water inflows, 
with a predicted excavation progress rate of 480m/month (see Table 2 and Figure 2). 


Table 2. TBM specifications. 


Main Drive Power 3,300 kW 

Main Bearing 4,340 mm i.d.; 5,210 mm o.d. 
Maximum Torque 14,614 kNm 

Maximum Thrust 21,087 kN 

Cutterhead Speed 0 to 6.87 rev/min 

Cutters 43 x 20-inch single cutters 


8 x 17-inch center cutters 


Figure 2. Yin Han Ji Wei TBM. 


2.2 Machine launch 


The machine was assembled in an underground cavern at the end of a 3.9 km drill & blast adit 
on an 8.18% down gradient to the main tunnel alignment (Figure 3). Once assembled the 
TBM was walked to the rock face in March 2015 and began its task. A continuous conveyor 
system supplied by Robbins as part of the TBM supply contract hauled muck from the advan- 
cing TBM to the surface. The machine bored the tunnel in two drives, the first measuring 
9.88 km long, and the second measuring 7.63 km long. The remaining 765 m consists of drill 
& blast adits. 
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TBM assembly chamber: 100m (yellow) + 80m TBM first boring section: 25m 
+ 200m (TBM walking area) (deep blue) + 8521.5m tunnel length 

TBM maintenance and repair chamber; 

60m (brown) +240m (TBM walking area) 
TBM second boring section: 
25m (light blue) + 6809m 
tunnel length 
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Figure 3. TBM assembling cavern at the end of a 3.9 km drill+blast adit. (The TBM drives are between 
long, steep intermediate drill & blast adits.). 


3 EXCAVATION: CHALLENGES & LESSONS LEARNED 


From the start of the first drive, it was evident that the original excavation prediction for 
a progress rate of 480m/month would be too optimistic. The TBM operated well, but high 
cutter wear, high water inflows, incredibly hard and abrasive rock, and stoppages for install- 
ing support impacted boring progress. 


3.1 Ground conditions 


As the drive progressed it became evident that the geological conditions had been underesti- 
mated by 50% or more. Unconfined compressive strengths on the drive ranged from 107MPa 
to 309MPa and averaged UCS 193.8Mpa. Abrasivity of granite rock ranged from 4.65 to 5.81 
with an average abrasive index of 5.36 with quartz content ranging from 43.6% to 92.6%, and 
averaging 71.6% with an average integrality coefficient of 0.8. 

In July 2018, Robbins invited an independent geological consultant to the jobsite. The con- 
sultant confirmed that from the mineral composite, rock of such rich quartz content should be 
better described as quartz granitoid. Granite normally has a quartz content of 25% to 30%. 
This quartz content at 60% to 90%, “is beyond that to be expected in granite, producing 
a very abrasive rock of high strength from the dominance of the bond between the abundant 
quartz crystals”, according to the report (Figure 4). 


Figure 4. Quartz granitoid core samples analyzed. 
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At Qinling, the TBM operating schedule was continuous, 7 days/week, 24 hours/day with 
a routine 4 hour/day TBM maintenance period. No one, however, could have predicted the condi- 
tions to be encountered. Due to the incredibly difficult rock, the crew spent much of their working 
time on ground support, changing cutters and repairing damage due to strong rock bursting and 
the hard abrasiveness of the rock. This resulted in a low TBM utilization rate of 20%. 

To expedite the program, an up-gradient drill & blast heading started from the TBM destin- 
ation adit, completing 1.2 km and reducing the TBM drive to 8.5 km and permitting a hard-won 
breakthrough into the in-line cavern in December 2018. After a much-needed overhaul, the TBM 
began it second down-gradient drive in March 2019 to progress under the highest overburden 
and through conditions that were anticipated to be more difficult than on the first (Wallis, 2021). 


3.2 Mitigating wear 


In the strong, massive, high quartz content rock, thrust was high, TBM vibration was high, 
and cutter wear was exceptionally high. Changes were usually carried out during the 4-hour 
maintenance period per day but boring had to stop to repair damaged cutters. CRTG con- 
firmed that cutter consumption was an extraordinary 0.7 cutters/m with cutter changes 
amounting to 15% of the total construction time. 

There were 51 cutters on the 8.02 m diameter cutterhead and on the first TBM drive of 
8.5 km from March 2015 to December 2018, total cutter consumption was 6,122. Of these 
5,961 were single cutters and 161 were center cutters. 

Cutters from Robbins, as well as from other suppliers and from a domestic manufacturer, 
were all tested on the TBM. Concerned also about overall progress in these extreme condi- 
tions, Robbins produced 20-inch extra heavy duty (XHD) discs as part of the efforts to test 
different cutters and establish the most effective design. According to a comparison test by the 
contractor, Robbins cutter life was longer and wear speed was significantly lower than other 
suppliers (see Table 3). As well as durability of the disc rings, other quality considerations 
were the disc seals, bearings, housing and locks for mounting on the cutterhead. The trade-off 
was that cutter quality had a direct impact on the thrust that could be applied for cutter pene- 
tration and on overall excavation advance (see Table 4). 


Table 3. Comparison of the life of different cutters on the TBM. 


Cutter position Rock 


Cutter brand #41 #42 #43 #44 #45 #46 #47 #48 strength [MPa] 


Domestic cutters 0.92 0.92 0.92 0.92 0.92 0.81 0.62 0.55 120 - 150 
Imported cutter 0.67 0.80 0.83 0.73 0.73 0.67 0.50 0.50 130 - 140 
Robbins cutters 0.54 0.62 0.75 0.56 0.54 0.5 0.5 0.45 180 - 200 


Table 4. Optimized thrust, rotation and torque parameters. 


UCS [MPa] Thrust [bar] Rotation [rev/min] Torque [kNm] Penetration [mm/rev] 


2160 300 - 320 5-6 2,000 - 2,200 3-5 
100 - 160 150 - 200 3-4 1,800 - 2,000 7-9 
60 - 100 80 - 150 2-3 2,000 — 2,200 9-12 


3.3 High ground stresses & rock bursting 


According to the geological summary in the bid documents, high stresses and the potential for 
rock bursts were to be anticipated for 95.5% of the original two drives to a total 18.3km. 
Slight rock bursts were predicted in 545m of the alignment, moderate bursting for the majority 
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13,030m and strong bursting in a total of 3,880m. To prepare for these conditions, the TBM 
was equipped with the McNally support system. Applying the McNally system on time 
improves productivity and greatly increases safety of the workers and prevents rock fall 
damage to the machine. It is however unable to withstand heavy stress deformation and high 
energy rock bursting when extra support methods are needed. 

Across the first 9.6km of the two drives, with the highest overburden of 2,000m, there 397 
sections of rock burst activity across a total 4,808m or some 53.8% of the total excavated 
length. In the second drive, there were more than 18,045 rock bursts. Of the events, 5,444 were 
classified as strong with 1,736 recorded at an energy of more than 100 kilojoules. There were 
88 bursts of more than 800 kilojoules with the highest energy rock burst reaching 4,080 kilo- 
joules. A series of 739 rock bursts across a total of 1,864.6m long required stoppage of the 
machine boring to install additional support to stabilize the rock and lower the risk of injury 
to the workers and damage to the TBM. 

Shotcrete with new fiber and nano materials was also introduced for application by the sup- 
port shotcreting system located on the L1 backup gantry area on the TBM. Heavy jacks were 
also introduced to prop deformed ring beams and support steel arches. Rock bolts were installed 
quickly for 90° across the crown. In efforts to relieve high rock stresses, water was also sprayed 
to the bored surface and stress relief holes were drilled around a 120° arch in the crown. 

In zones of medium to heavy rock bursting, progress slowed to about 90m/month due to 
the need for repairs and for installing extra support. Bursting at the face caused frequent 
damage to the cutters and the cutterhead while bursting in the crown and in the sidewalls 
damaged the gripper and thrust cylinders and other TBM mounted equipment. 

On the second drive, rock bursting was active for 96.5% of the first 1,933m with heavy rock 
bursts occurring 23 times in the crown well after excavation passed through, and 11 times in 
the invert. The project was aware of the high risk of rock bursting and there was much advice 
for managing safety of the workers and installing support. 

In efforts to predict rock bursting, a micro-seismic monitoring system was introduced. This 
system utilized a borehole 20m in front of the face to record rock stresses— the potential for rock 
bursting could be predicted following comparative analysis with rock burst data from similar 
projects and with data from nearby sections in the Qinling South TBM drives. The accuracy 
rate of the rock burst prediction was said to be more than 70%; however, while the relative risk 
of a section could be predicted, the timing and severity could not be predicted (see Table 5). 


Table 5. Prediction standard of rock bursts by micro-seismic monitoring. 


Seismic parameter Moment Energy Standard event distri- Number overstan- 
rock burst level Frequency magnitude 10kJ bution range dard event time 
Slight <10 <1.0 <3 >30m 0-3 

Medium 10 - 30 1.0 - 2.5 3~10 20m - 30m >3 

Strong 30 - 60 2.5 - 3.5 10~80 10m-20m >8 

Super >60 >3.5 >80 <10m >15 


An in-situ concrete final lining was required in necessary sections of the TBM tunnel drives 
to meet a required 100+ year design life. In the 8.5km long TBM first drive, some 4.7 km is 
lined. In the second 3.8km long TBM drive, all 3.8km is concrete lined. 


3.4 Sudden and extreme water ingress 


Sudden water ingress occurred on the project a total of 69 times, six of them extreme. The 
greatest water inflow occurred at the face on February 28, 2016 and exceeded 20,000m°/day 
from one point. Total water flow into the down gradient heading exceeded 46,000m°*/day, 
flooding the lower TBM motors and the electrical cabinets on the lower deck of the backup 
gantries. In total the TBM was down for 75 days during the extreme flood event and many 
extra personnel were required (Figures 5 and 6). 
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Figure 5. Water ingress in the crown. 


Figure 6. Crews working to drain the tunnel during the extreme flooding event in February 2016. 


After the dramatic flooding event in 2016, the in-tunnel pumping capacity was increased to 
41,000m?/day. This was a 20% additional capacity and a new capacity 3.4 times greater than 
the maximum water ingress prediction in the original design documents. 

Systematic probing was a constant in the TBM heading for predicting the potential of rock 
bursting ahead of the face as well as water ingress. When ingress exceeded 70% of the in-tunnel 
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pumping capacity, TBM boring had to stop to carry out grout injections. The use of special grout- 
ing materials reduced water ingress along the entire length of tunnel to about 50,229 m*/day. 


3.5 High ground temperature 


Through all the difficulties faced, work efforts by the TBM and tunnel excavation crews were 
under extreme environmental conditions. The temperature inside the tunnel reached as high as 
36°C with more than 90% humidity. Temperature inside the cutterhead exceeded 50°C. To 
counter worker fatigue and low efficiency, the ventilation system was upgraded and a chilling 
system was added to the TBM ventilation system. 


3.6 Meeting of experts, May 2016 


In May 2016, after the major flooding event of February 2016, the Contractor invited a panel 
of eminent experts to inspect the jobsite and attend a discussion meeting in Xi’an. These 
experts included major design institute engineers and university professors in China, as well as 
members of the Robbins field service team. Given the conditions observed during the visit and 
after studying onsite surveys and boring statistics, and without considering the major geo- 
logical deviations from predicted to encountered, the panel of experts agreed that a reasonable 
monthly production advance rate expectation should be about 240m or less. This was half of 
the contract program rate of 480m/month. For the TBM boring distance to 8004.5m from 
March 2015 to September 2018, average progress was 186.2m/month. 

After the experts meeting in May 2016, TBM boring reached the predicted 240m/month 
and even exceeded 300m/month repeatedly. June 2017 recorded the best boring month of 
483.7m with the TBM breaking through at the end of the first TBM drive in December 2018. 
The TBM completed its second heading in early 2022. 


4 CONCLUSIONS 


Yin Han Ji Wei is an example of a long tunnel under high mountains, with little opportunity 
for economical and practical access to obtain accurate samples of the main rock formations to 
be encountered at the tunnel alignment. The difference in Class I and Class IT granite, granit- 
oid and quartzite are very subtle but have enormous influence on advance per day. Most 
geologists do not appreciate the net effect of these subtle differences when it comes to TBM 
daily advance. Even the most experienced geologist, with experience on how geology affects 
TBM performance, would have had difficulties in properly identifying what was inside this 
mountain. Underestimating the geological conditions to be encountered remains the greatest 
risk for long distance, deep level TBM headings; however, TBM technology is advancing at 
a rapid pace to meet even the most difficult of challenges. 
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ABSTRACT: In a discharge tunnel of the Amagase dam redevelopment project, a stilling 
basin section is an ultra-large cross-sectional tailrace tunnel. This tunnel passes through a weak 
fracture zone intervening in sandstone and mudstone with small overburden. Therefore, it is 
excavated through multiple bench cut with advancing side and center drifts, and observational 
construction is adopted during excavation. This section is under very difficult conditions and 
has only few similar design examples, so safety was prioritized. Safety, workability, profitability, 
and inner smoothness of tunnel lining has been secured by prior corner casting and upper/ 
lower-divided-type travelling form in a 40% steep slope section. Tunnel behavior was controlled 
as estimated; an ultra-large cross-section tailrace tunnel was constructed reasonably. 


1 INTRODUCTION 


The Amagase Dam is a specific multi-purpose dam built in 1964. Within the framework of 
a redevelopment project, discharge facilities are supplemented by a 617 m long by-pass tunnel 
to improve flood management by increasing the dam discharge capacity from the current max- 
imum of 900 m?/sec to 1,500 m/sec (Figure 1). The stilling basin (total length 170 m) is built 
by Obayashi-Tobishima Joint Venture underground to preserve the landscape and dissipates 
the discharged water (up to 600 m*/sec) from the main gate before it flows into the Uji River. 
As dissipation distance is short (200 m from main gate to Uji River), the basin is designed to 
have an ultra-large cross section with an inner cross-sectional area of up to 500 m°. Hence, we 
applied the observational construction method common for large caverns (JSCE, 1996). 


Figure 1. Layout of Amagase Dam redevelopment tunnel-type discharge facilities. 
2 OUTLINE OF CONSTRUCTION 


Stilling basin is composed of entrance, standard, fault, chute, and horizontal channel section 
from downstream. The tunnel from the entrance to the fault section has an ultra-large cross- 
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section (approx. 430 - 650 m7) and is excavated through multiple bench cut with advancing 
side and center drifts. The chute section (excavation cross-section approx. 320 - 350 m°) is 
excavated through multiple bench cut (Figure 2). 


= Fault section? Standard section _ _ Entrance section 


T Multiple bench cut method 
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*constnicted only at Fault section 


Figure 2. Stilling basin general construction step. 


3 OVERVIEW OF TOPOGRAPHY AND GEOLOGY 


The overburden is about 40 m (that is 1.5 times the tunnel excavation diameter) except for steep 
entrance (Figure 3a). The bedrock is sandstone and mudstone on Tanba Belt, accretionary prism 
from the Paleozoic to the Mesozoic era, and the F-0 fracture zone crosses in the middle of this 
basin. Sandstone is a medium hard rock, mudstone is a soft rock, and fracture zone is weak rock. 
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Figure 3. (a) Geological profile of stilling basin (initial plan); (b) fault section No.25+5 support struc- 
ture (final). 


1941 


4 DESIGN 


4.1 Basic design policy 


Since stilling basin has difficult conditions for construction (such as ultra-large cross section, 
accretionary prism, small overburden, fracture zone) and there are few similar construction 
examples, under the basic policy to provide safe designs, the support structure is designed by 
two-dimensional nonlinear elasticity FEM analyses and the lining structure using frame struc- 
ture analyses. 


4.2 Sidewall reinforcement 


Ground anchor work and micropile work were planned in the initial design to stabilize side 
walls in the fault section, but as the result of review of physical properties of ground (consider- 
ing the accretionary prism characteristics) after order was received, the planned anchors and 
micropiles were changed to long cable bolting work. During side drift excavation, the max- 
imum width of the fracture zone was found to be 14 m, 1.5 times of the initial estimation of 
9 m. As a solution, we devised Japan’s first downward large forepoling (hereafter known as 
‘RC pillar support’), that is 3 m in diameter, 4.5 m of installation intervals and design strength 
40 N/mm’. Its effectivenes with respect to deformation control was evaluated by FEM ana- 
lyses (Fukudome et al., 2020). 


4.3 Tunnel support 


2D FEM analyses have been done for typical stations and considered construction stages, 
from the initial stress state to the final bench completion, as planned by division of heading in 
advance. Figure 3b shows the support structure in the fault section. 


4.4 RC pillar support 


Based on the reviewed geological map, we placed six RC pillar supports in total covering frac- 
ture zone from the extended side drifts on both sides (Fukudome et al., 2020). 


4.5 Tunnel lining 


4.5.1 Design condition 

Assuming that the full design load after Table 1 would be born by the lining, we have checked 
the materials with allowable stress. As a presentative measure for loosened bedrock load, 
a limit state design is adopted. 


Table 1. Design Load (fault section lining example) 


Items Details Design Load 
Dead weight Reinforced concrete itself Specific gravity 24.5 kN/m? 
Construction load Stress release load during bench cut (only at arch) (FEM analysis results) 
Internal water pressure Highest water level during discharge y 
External Sareea Residual water level after discharge Waer Bene 
Superficies load Future two-storied RC building load 40 kN/m? 
Vibration water pressure Impact load of discharged water (only at horizontal bottom) 129.28 kN/m? 
Loosened [Vertical] Terzaghi’s earth pressure or Terzaghi's tunnel support pressure [Vertical] 141.6~417.0 kN/m? 
bedrock load [Horizontal] Terzaghi’s lateral pressure [Horizontal] 51.5~152.4 kN/m? 


4.5.2 Analysis results 

At the bottom edge of arch, which is largely affected by the load from crown, the center of 
bottom slab of linear forms and the corners, it was found out that we would need extremely 
heavy rebar (SD345) of D51@150 mm. 
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5 CONSTRUCTION WORK 


5.1 Excavation of drift and arch portion 


To avoid a delay due to the suspension of the construction works for the design modification 
(approximately 4 months) after side drift excavation, we excavated the center drift up to fault 
section end, and then the top heading of chute section. The 20 meters wide and 8 meters high 
arch portion was excavated by a large 4 tons hydraulic braker. 


5.2 RC pillar support 


For the 12 - 19 m deep shafts needed for the RC pillar supports, we adopted a small-bore deep 
foundation excavator capable of boring, chopping/chipping and loading with a single base 
machine for safe and effective excavation in narrow side drifts. Due to the very densely spaced 
rebars of the RC pillar supports, medium fluidity concrete (slump flow 35 - 50 cm) was used 
to ensure a smooth work and the high quality we aim at. 


5.3. Arch concrete work 


5.3.1 Rebar assembly 

The workload is heavy for assembling arch rebar at fault section with the ultra-large diameter 
of D51. As concrete is 80 - 90 cm thick, scaffold needs to be relocated to inside of tunnel each 
time waterproof sheets are fixed and external and internal rebars are assembled. 


Figure 4. Arch rebar assembly deck: (a) rebar hold pipe; (b) cross section; (c) upper stage lifting device; 
(d) sliding stage; (e) portal lifter. 


Therefore, we adopted the following mechanisms for rebar assembly deck (Figure 4) to 
improve the handleability of rebar: Equipped with portal lifter that moves up and down 
(Figure 4e); Main rebar shall be smoothly moved from lifter with the mechanism that slide at 
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the edge of lifter side by vertically placing rebar hold pipe along the main rebar curve on the 
top of deck (Figure 4a); Mechanism that moves up and down for 1350 mm with a hydraulic 
cylinder on the upper stage (Figure 4c); Overhang at sidewall shall have a sliding stage and be 
pushed out for waterproof sheet fixing and external rebar assembly, then pulled in for internal 
rebar assembly (Figure 4d). 


5.3.2 Lining 

As the arch portion from the entrance to the fault section has a large perimeter of approx. 
25 m and the sliding form (span = 4.5 m and 6 m for fault section and entrance/standard sec- 
tion, respectively) is 150 - 200 tons heavy, we distributed the load by increasing the number of 
reaction points in the form leg part to 20. We adopted high fluidity concrete for entrance/ 
standard/ fault section (with 60 cm slump flow), and constructed high quality arch concrete 
without voids, with contact grouting system at crown. 


5.4 Chute section lining 


5.4.1 Horizontal crown area 

The length of this section is short (23.5 m), while the inner cross-section area is large, 203 - 273 m’. 
The vertical alignment is complex with the horizontal crown and the bottom that varies from hori- 
zontal to 40% inclination. The initial plan was to construct the concrete arch in five spans with an 
assembled form after bottom slab concrete work, but we encountered the following issues: 


* To stabilize the form during placing the arch concrete (that is 400 tons or more per span), 
anchor and box-out at prop bottom to strengthen the form props on the steeply inclined 
bottom slab concrete. Yet, those would disturb inner main rebar. 

¢« With the method above, marks of anchor and box-out need to be filled with mortar, etc., 
which will compromise the inner smoothness, with possibility of peeling with discharged 
water in the future. 

e Assembled forms with different shapes of cross section for five spans and a lot of fall pre- 
vention materials will be needed, thus increasing the construction cost. 

e Repeating assembly and disassembly of giant form in closed space on steeply inclined 
bottom slab for five times will bring about huge risks in safety and schedule. 


As a result, we have adopted the following solutions: 


e We changed the inclined bottom slab shape to a stepwise shape, then installed bedding and 
leveling concrete (Figure 5a), supporting the arch concrete weight horizontally. 

e We decided to utilize safe, workable, and economical sliding form for arch concrete, and 
preceded sidewall and bottom slab at the corner of cross sections (Figure 5b). 

e The structure was divided into upper and lower parts, the upper part with steel frame struc- 
ture cradle mount to put arch sliding form on, and the lower part with the structure to sup- 
port sidewall and bottom slab form on both sides. 


The construction sequence is as follows: © Stepwise bottom slab excavation & Levelling 
concrete; © Lower form assembly; © Prior concrete at sidewall & bottom slab; © Arch slid- 
ing form assembly; © Arch rebar assembly; © Metal form setting of arch sliding form; © 
Arch concrete; © Arch & lower sliding form disassembly; © posterior bottom slab concrete. 
As a result of the aforementioned measures, we were able to shorten the work period to 45 
days, approx. one fourth of 196 days in our initial plan. Also, we realized the smooth surface 
of the sidewall and bottom slab concrete, that does not leave separator marks. 


5.4.2 Inclined crown area 

This section is short (18.750 m), while the inner cross-sectional area is large (273 m°) and the 
longitudinal inclination is equal to 40%. The initial plan was to construct the concrete arch in 
three spans with assembled form after bottom slab concrete work, but we found the following 
problems: 
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Figure 5. Chute section lower sliding form: (a) profile; (b) cross section (horizontal crown area). 


Sliding form used for general tunnels cannot be applied because of the parallelogram con- 
crete block with steep inclination. Consequently, the giant form needs to be assembled and 
disassembled for every single span. 

Repeating assembly and disassembly of giant form in a closed space on steeply inclined 
bottom slab for three times will bring about huge risks in safety and schedule. 


Therefore, we have adopted the following solutions: 


(a) 


Similar to what we have designed for the above-mentioned horizontal crown area, we 
changed the inclined bottom slab shape to stepwise shape, then installed bedding and level- 
ing concrete (Figure 6a); the concrete arch weight can receive horizontal support. 

Very much similar to the above-mentioned horizontal crown area, we also adopted a form 
divided in top and bottom part (Figure 7a) and preceded sidewall and bottom slab at the 
corner of cross section (Figure 6b). 

We adopted a form removal mechanism with props combined with multiple segments 
(500 mm in height), and removed segments one by one, as shown in Figure 7c. 

The mechanism is as follows. H-steel clump device holds H-steel rail attached on the lower 
form. Horizontal shift oil jack extends. Sliding ship attached beneath the upper assembled 
form (approximately 200 tons) slides horizontally on the rail (Figure 7b). 

As settling down and horizontal sliding cannot be performed at the same time for the tem- 
porary column far side of upper form, we moved the form following the steps described in 
Figure 7d. 
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Figure 6. Chute section lining: (a) profile; (b) cross section (inclined crown area). 
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Figure 7. (a) Chute section assembled form; (b) H-steel clamp jack device; (c) Form removal step; (d) 
Form slide step (inclined crown area). 
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As a result, we were able to shorten the work period for assembly and disassembly of B and 
C blocks from 180 day and night shifts to 86 shifts. Separator marks left on the sidewall and 
bottom slab concrete was filled by resin mortar, a smooth surface can then be realized. 


5.5 Bottom slab and sidewall concrete 


The initial plan from entrance to fault section was to construct sidewall after bottom slab 
completion, but, in the same way as the chute section, we divided it into three parts 
(Figure 8a) and assured high structural stability, without any construction joint at the corners 
of stress concentration. While our original plan was to apply sliding form for sidewall lining 
(4.5 - 6 m long, 7.5 - 15.5 m high, both sides at the same time), assembly and disassembly of 
form need long time; and traffic around form is impossible and other works cannot be done 
during lining. 

In order to avoid the expected significant influences on the work schedule, we adopted slide 
forms (3 - 36 m long, 1.8 m high, both sides at different times) with simple structure and easy 
operation. Other works can then be done at the same time in a wide range of the tunnel direc- 
tion (Figure 8b). 
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Figure 8. (a) Sidewall & bottom slab concrete cross section; (b) Slide form (sidewall). 


6 CONCLUSION 


During construction of the stilling basin (a ultra-large cross-section tunnel) under difficult 
conditions, we have achieved the following: 


* Due to the increase of the fracture zone width found-out during side drift excavation, we 
devised, designed, and constructed the first RC pillar support ever in Japan. 

e Realized high quality construction based on various ideas for thick lining with steep inclin- 
ation accompanied by gradual change of cross section. 

e Reasonably built ultra-large cross-sectional tailrace tunnel, utilizing observational method 
during excavation. 
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Failure of tunnels across the world: Case study 


Waqas Imteyaz & Swapnil Mishra 
Indian Institute of Technology (ISM), Dhanbad, Jharkhand, India 


ABSTRACT: Today, tunneling across the globe has become a one-stop solution to speed up 
mobility and connectivity between locations, and also interestingly this can be achieved without 
damaging our environment by maintaining the proper green cover. But, making a tunnel is not 
easy as it seems to be because rock is a material that is unknown to us, unlike concrete. The 
failure of the tunnel may arise because of the squeezing rock condition, rock bursting condition, 
and also because of the insufficient support system provided. So, in this paper, detailed case 
studies of several tunnels have been done and the reasons for their failure have been in detail 
analyzed. Finally, a guideline regarding the support and the necessary investigation, and the 
tunnel profile have been made that would be helpful in the construction of the tunnels. 


1 INSTRUCTION 


Today, the tunnels have attracted the whole world through its fastest mobility, being environ- 
mentally friendly, and playing crucial roles in strategic purposes also. Early days constructing 
the tunnels were very complicated because of the less availability of technologies, so engineers 
were bound to go for the very conservative way of construction like the cut and cover method, 
etc. But as the technologies have become advanced now it is become quite easy today to pre- 
dict the ground condition ahead of the tunnel face which helps us to identify which supports 
and the safety measures, we have to take to counteract the problem that generally happens. 

But even though we have the advanced technologies like Tunnel Seismic Prediction (TSP), 
Ground Penetrating Radar (GPR), etc. which give the complete idea about the geological con- 
ditions still we countered with the surprises which we called “geological surprises” and hence 
the result of which tunnels are experiencing various kinds of failure problem and ultimately 
delay in the whole project. Actually, the failure of the tunnel depends upon the location as 
well as the type of the tunnel. The failure would be different when it is constructed in the 
Himalayan region than in any non-Himalayan region. Also, the failure would be different 
when it is constructed as the shallow or deep. 

In general, it has been said that the underground constructions are less affected by seismic 
action but there are several cases that we have which show how tunnels also can severely be 
affected because of the seismic action i.e., earthquake (Niigata earthquake, 2004; Kobe earth- 
quake, 1995; Duzce earthquake, 1999; Chi-Chi earthquake, 1999; Loma Prieta earthquake, 
1989; Tohoku earthquake, 2011; Wenchuan earthquake, 2008). 

Himalaya is basically a young mountain with very fragile and complex geological condi- 
tions and hence when we try to tunnel through it causes many such problems like squeezing 
rock conditions, the inrush of water, roof falls or chimney formations, gas explosion condi- 
tions, etc. The reasons of all these because of the presence of shear zones, fault zones, thrust 
zones, difficult terrain conditions, folded rock sequence, high in-situ conditions, etc. But when 
it is the non-Himalayan condition, then things will be different. 

When we talk about the metro or urban tunnels which are actually being constructed beneath 
the densely populated area, there the ground subsidence becomes the major problem. Hence for 
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the shallow tunnels, the ground subsidence has become the major failure criterion but it has also 
been found that the fault zone can also influence the shallows tunnels and ultimately have an 
effect on the superstructures. 

Now, the detailed case studies have been done below for the different tunnels under differ- 
ent geological conditions which shows how each tunnel behaves differently. 


2 CASE STUDIES 


2.1. Chenani Nashri Tunnel 


It is the longest road tunnel in India that is about 9km and also Asia’s longest bi-directional 
highway tunnel. It is actually a widening of NH-1A to a four-lane which helps in reducing the 
traveling time by about 2 hours bypassing about 41 Km of road length. This is a bi-directional 
traffic tunnel with a parallel escape tunnel of 9 km and the tunnel has a total clearance width of 
11.75 m, including 9.35 m of the carriageway and 1.2 m of walkways on both sides with horse 
shoe shape. This is an all-weather tunnel between Udhampur and Ramban in J&K by counter- 
ing the problems like traffic jams, landslides, sharp curves, snow, breakdown of vehicles, etc. 


Figure 1. Tunnel project location. 


Since this tunnel is crossing the sub-Himalayan region with a maximum overburden of 
1050m, it is quite obvious that tunneling through this would not be easy as it seems to be and 
hence during the tunneling complete side wall failure occurred. The reason for this failure was 
because of the presence of interbedded layers of siltstone, claystone, mudstone, and sandstone 
in an unfavorable orientation which was almost parallel to the tunnel axis. 


Table 1. The geomechanical properties of rock layers. 


Lithology GSI UCS (MPa) mi Mp s a E (MPa) v 

Sandstone 45 100 11 1.5428 0.0022 0.5081 6150 0.25 
Sandstone/siltstone 45 75 10 1.4026 0.0022 0.5081 5032 0.25 
Siltstone 45 50 9 1.2623 0.0022 0.5081 4193 0.25 
Siltstone/Claystone 45 15 6 0.8415 0.0022 0.5081 839 0.25 


From Figure 2, it can be seen that on the right crown side, the weak siltstone/claystone layer is 
present, and also random joint sets are there along with the three prominent sets which have silt- 
clay fillings. The design of the supports was done by the Geodata using its “GDE multiple 
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graph” and accordingly the support class of B1” was provided i.e., 2.5-3.5 m pull length, 150 mm 
fibre reinforced shotcrete, and systematic bolting. 

But this support system was unable to restrain the stresses that were because of the 350m of the 
overburden which exceed the compressive strength of shotcrete lining of 150mm, and hence from 
the initial crack to complete failure occurred. So in order to analyze this, the numerical modeling 
was done in Phase? by considering the anisotropic state of the stress condition i.e., increasing the 
main stress towards NE-SW by 50% and by rotating the stress block (shown in Figure 3). 


SANDSTONE/SILTSTONE 
. __SILTSTONE / CLAYSTONE 


COLLAPSED ZONE 


SANDSTONE 


TUNNEL FACE 


Figure 2. Right side wall collapse and face mapping of the section at 820m away from the south portal 
respectively. 
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Figure 3. Numerical model in Phase? and the anisotropic state of stress. 


After performing the numerical analysis, the total deformation obtained was validated with 
the actual one which proves the reliability of the software, and also it shows the right crown 
sidewall elements were yielded along with the swellex rock bolts which show the critical zone. 
The chord deformation along the length of the tunnel is given below which shows the instabil- 
ity behavior at the section TM820 (Figure 4). 

For the evaluation of the convergence limit, the conservative approach was used. The ground 
reaction curve related to the probability of failure of the primary support equal to 0% was only 
considered which uses capacity- Demand analysis to check the reliability of the primary support. 

Finally, the support system was revised and the B2 class support was used with 250 mm FR 
shotcrete, lattice girder, and rock bolts. 


2.2 Chameliya hydroelectric project 


This is the project of Nepal, which is the country that occupies one-third of the 2500 km long 
Himalayan, and hence it has the tremendous ability to provide the potential to the 
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Figure 4. Convergence profile along the stretch of tunnel. 


hydroelectric projects. Since the region of Nepal Himalayas is very young and has a fragile 
geological condition which creates several problems for the underground construction and 
this Chameliya project is one of them. The problems related to the Nepal Himalayas are the 
weathering rock conditions, fracturing, high overburdens resulting in high stresses, poor rock 
conditions, and the squeezing rock properties which creates many such challenges during the 
underground constructions. 
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Figure 5. Location of Chameliya HRT. 


The total length of this tunnel is about 4.067 km having a horse shoe cross-section with an 
invert arch slab having the 5.2 m diameter. The tunnel was passing through dolomite, limestone, 
phyllite, quartzite, schist, slate, sedimentary to meta-sedimentary rocks, and fossiliferous. But 
when the tunneling was done through the weaker rocks like phyllite and dolomite then the actual 
problem of the squeezing condition was noticed, which was about | m in the presence of the con- 
ventional support system provided as per the Q system rock classification. In this weaker zone, 
the rocks were highly weathered, jointed, and fractured, with various major & minor thrusts and 
faults along with various shear zones as well which made this region more fragile. The result of 
which at the section 3+420 m, the radial deformation of 1.2 m, 22 m behind the face was noticed. 

Hence, to analyze this plastic deformation empirical method i.e., Singh et al (1992), the semi- 
empirical method i.e., Hoek and Marinos (2000), and the Convergence confinement method 
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Figure 6. The geological section along the stretch. 


along with the RocScience numerical software were used. The empirical method tells us how 
the excessive overburden results in the severe squeezing problem. The semi-empirical method 
shows how the large variation in strain results in squeezing ground conditions. 
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Figure 7. Empirical and semi-empirical method respectively showing the severe squeezing condition in 
the Chameliya tunnel. 


The numerical analysis was done in RocScience software using the generalized Hoek and 
Brown failure criteria using the same shape and dimension of the tunnel as in the actual case. 
The ground properties at different cross sections are given below in the Table 2. 


Table 2. The rock mass properties at different chainages. 


Rock Mass Properties 3+103 3+420 3+681 3+709 


Intact compressive strength of rock 60 39 39 39 
Intact rock mass paraments 10 8 8 8 

Poisson’s ratio of rock mass 0.25 0.1 0.1 0.25 
Internal friction 30 30 30 30 
GSI 46 13 15 13 
Specific weight 2.12 2.40 2.40 2.72 


After the analysis, the principal stresses were investigated around the section 3+420 m, and 
found that the major principal stress has gone to 18.60 MPa under no support condition and 
it is reduced to 8.35 MPa under supporting condition. The deformation was noticed as high as 
1.1 m in numerical modeling due to excessive overburden stress. 


1952 


After rigorously analyzing this tunnel using different methods it was found that the align- 
ment of the tunnel was the main issue but since the tunnel has already been started, so changing 
the alignment will not be possible, therefore one option was to increase the stiffness of the sup- 
port and hence finally the support which had been provided is given in the below Table 3. 


Table 3. The Support system that provided in chainage 3+420. 


Support System Concrete Lining Steel Set Shotcrete 
Initial 0.40 m W100*19.5 0.10 m M20 


Final 0.90 m W200*15 0.30 m MSO 


2.3 The Hu-Ming (H-M) Tunnel 


The Hu-Ming tunnel was constructed in Wuhan city of China ranging from DK24+908 to 
DK26+165. The length of the tunnel is 1.257 Km with a diameter of 6.9 m. It is actually 
a shallow tunnel with a cover depth equal to or less than the diameter of the tunnel itself 
which is the reason for the ground settlement. 
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Figure 8. Geological profile of the H-M tunnel from DK25+325- DK25+475. 


The “Conventional Excavation” technique was used to construct this tunnel to reduce its influ- 
ence on the superstructures but because of the shallow overburden depth and the soft soils, there 
was a high safety risk while excavating this tunnel. Monitoring is the most important principle of 
this technique, so the regular monitoring of ground settlement plays a very key role in this type of 
tunnel. The “Technical code for monitoring measurement of subway engineering” was introduced 
in China in 2007 to implement monitoring on a routine basis. For measuring the ground settle- 
ment, 1-3 pairs of monitoring points are located at each monitoring section which was about 5-- 
30 m apart and hence suggests that the ground settlement should be within 30 mm. 

While tunneling through the section between DK25+225 and DK25+325, it was found that 
the maximum ground settlement was within the allowable limit i.e., 30 mm which is mainly 
because the overburden depth is greater than the diameter of the tunnel but when it passes 
through the section between DK25+325 and DK25+360, the maximum ground settlement 
exceeded the 30 mm (shown in Figure 9). The reason is because of the presence of a thin layer of 
silty clay which is less than the diameter of the tunnel and the result of which the soil was unable 
in the redistribution of stresses and also in the soil arching effect. Also, since the construction 
was done in the rainy season the perched water gets seeped into the tunnel through the cracks. 
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Figure 9. Accumulative settlement distribution at the section DK25+325- DK25+360. 


Hence, to control this excessive ground settlement several appropriate measured were 
designed and implemented and the key to minimize this excessive settlement depends on the 
self-stability of the ground and the timing of the tunnel lining installation. There are several 
methods that can be used to improve the ground characteristics like jet grouting, compaction, 
invert arch, drainage, ground freezing, etc but the selection of the support totally depends on 
the ground characteristics and hence after the high-level meeting with experts they decided to 
go for the compaction grouting technique. But in this compaction grouting, three schemes 
were proposed i.e., continuous grouting, segmental grouting, and the thicken grouting. Now it 
was the challenge that which scheme would be suitable for this type of the problem and hence 
the numerical analysis was done in Flac3D by considering the different grouting conditions 
and finally the settlement that was obtained under different grouting conditions (Figure 10). 
From the plot, it was very clear that the settlement in the case of continuous and thicken 
grouting was under the allowable limit or fairly close i.e., 31 mm and 26 mm respectively 
whereas in the case of segmental grouting the settlement exceeded the allowable limit i.e., 
40 mm. But from the economic point of view, the continuous grouting is more cost-effective 
and also saves a large extent of time and hence finally the continuous grouting was adopted. 
The thickness of continuous and thicken grouting was 4 m and 6 m respectively. 


6] \y& =| === Thicken grouting 
Continuous grouting 
10 Segmental grouting 
15 
E 20 
È a) NNN ia 
B 
30 
Ee 4 
35 gN 7 
ar x 
-40 Thee ee 
-45 - < = = a > a 
-20 -15 -10 -5 o 5 10 15 20 25 


Lateral distance from tunnel centerline (m) 
Figure 10. Transverse settlement under different grouting conditions. 


After the implementation of this grouting technique, the settlement was observed and found 
that at the section of DK25+385, DK25+400, DK25+410, and DK25+450 values are 26.53, 
20.72, 36.25, and 32.54 mm respectively with the average of 29.01 mm which almost same as 
the numerically obtained result and also less than the allowable limit. 
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Figure 11. After the implementation of the grouting technique the accumulative settlement distribution 
at the tunnel section DK25+385- DK25+510. 


3 OBSERVATIONS & CONCLUSION 


From these case studies, it is very clear that how the geotechnical investigation and continuous 
monitoring during and after the excavation hold their importance in tunnel construction. It can 
be observed that the failure of the Chenani Nashri tunnel is because of the anisotropic stress con- 
dition generated on the right crown-sidewall and also because of the prominent joint sets that 
were almost parallel to the tunnel alignment. In the case of the Chameliya project, the squeezing 
of about 1 m was there which was probably because of the young and fragile Himalayan condi- 
tion and also because of the high in-situ stress. Lastly, in the case of the H-M tunnel, the failure as 
the ground settlement was mainly because of the very shallow cover of 5-8 m which was unable to 
redistribute the stresses as well as unable in creating the arching effect in the soil. It is also wit- 
nessed that how important is the role of numerical modeling software. It can easily be noticed 
that in all these cases, after the failure the first thing that was done is the simulation of the actual 
field condition and with the help of that, the actual required support system was identified. So, 
these case studies will actually work as a guideline for future tunnel construction. 
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ABSTRACT: This paper presents a case study of tunneling through a graphite bearing geo- 
logical structure during the excavation of an access tunnel for the expansion of the blue metro 
line to Nacka. A straight section of the access tunnel and the graphite bearing zone had 
almost the same orientation and geographical location which made the excavation works par- 
ticularly challenging. The graphite formation had not been identified during the pre- 
investigation and it followed the tunnel heading during the excavation of over 170 m. Parts of 
the fracture system was connected to an overlying aquifer resulting in ground water inflow in 
those sections. The rock conditions were handled through a combination of spiling bolts and 
reduced round lengths. Sections with higher water inflows were challenging due to reduced 
adhesion of shotcrete, leaking bolts and bolt holes. A close cooperation between the designer, 
site geologist, client’s supervisor and contractor enabled a successful passage of the zone area. 


1 INTRODUCTION 


The Stockholm metro blue line is being expanded from Kungsträdgården in the center of the city 
to Södermalm, Söderort and Nacka. The stretch will include six new stations divided into two 
branches. One to the south via Gullmarsplan and one east to Nacka with new stations at Ham- 
marby kanal, Sickla, Jarla and Nacka. A new platform for the Blue Line will also be built under 
the existing Gullmarsplan station. The entire stretch is built underground in hard rock conditions. 

Region Stockholm is responsible for design and construction of the new Stockholm Metro. 
Excavation works on the expansion in Nacka started in 2020 with a planned construction 
period of 10 years and operation expected to start in 2030. Figure | shows the blue line east to 
Nacka and the expansion to Sockenplan in the south. 

This paper presents a case study of tunneling through a graphite bearing geological struc- 
ture during the excavation of an access tunnel for the new Sickla station. A straight section of 
the access tunnel and the graphite bearing zone had almost the same orientation and geo- 
graphical location which made the excavation works particularly challenging. The graphite 
formation had not been identified during the pre-investigation and it followed the tunnel 
heading during the excavation of over 170 m. 
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Figure 1. Expansion of the blue line east to Nacka and south to Sockenplan. New stations and access 
tunnels are marked in the figure together with details of the new Sickla station. Modified from Region 
Stockholm, 2022. 


The contract included the access tunnel as well as its connection to a service tunnel and 
parts of the rock cavern for the new Sickla station, Figure 2. The tunnel was excavated from 
an existing rock cavern originally constructed for a transformer station. 


Figure 2. The access tunnel and its connection to the service tunnel and parts of the new Sickla station. 
The existing rock cavern is marked in the figure. 


2 SITE CONDITIONS 


2.1 Site investigation and regional geology 


Bedrock in the Stockholm area is primarily comprised of gneiss (of sedimentary origin), granite 
and pegmatite that form part of the Precambrian crystalline basement. Most of the rock mass 
can be considered to be of good quality from a rock engineering standpoint, with uniaxial com- 
pressive strengths typically >100 MPa and fracture frequencies <5 fractures per meter. 
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Regional mapping performed by the Swedish Geological Survey (SGU) indicates that the 
rock mass north of Värmdövägen consisted of granite and granodiorite whilst the rock mass 
under and south of Värmdövägen is pre-dominantly Gneiss of sedimentary origin (grey- 
wacke), see Figure 3. Two large areas of outcropping bedrock occur in the area close to the 
access tunnel and indicated good rock mass conditions. The existing rock cavern also occurred 
in good rock mass conditions and despite the large dimensions (approximately 60 m long, 
20 m high and 20 m wide) the cavern was reinforced with spot bolting. 


Figure 3. Regional geological map (SGU 2019). Red areas = Granit, brown = Granodiorite, Light blue = 
Gneiss of sedimentary origin, dashed black line = tectonic lineament, Green = borehole, dashed red line = 
rock outcrop/rock close to ground surface. Location of pre-investigation core holes are noted in the figure. 


Four boreholes (double tube core drilling) were drilled to investigate the geological condi- 
tions in the area for the planned station, Figure 3. A summary of the mapped RMR basic 
values is given in Table 1. Water loss in the core holes was variable and high hydraulic con- 
ductivity were measured in an area associated with a regional fracture zone south of the access 
tunnel. The sections with high hydraulic conductivity were not considered representative for 
the hydrogeological conditions in the target area. 


Table 1. Mapped rock mass quality (RMRbas) in four core holes drilled in the area close to the access 
tunnel. 


1680774 16S0775 1580951 1580957 
%) (%) (%) (%) 
Rock class A 
(75< RMRygas <100) 37 10 15 31 
Rock class B 
(60s RMRbas <75) E 68 50 41 
Rock class C 
(45< RMRbas <60) a 22 30 22 
Rock class D _ . j r 
(RMRbas <45) 


In addition to the core holes surface mapping of rock outcrops was performed together 
with soil rock drilling to identify the bedrock surface in areas with soil coverage. This data 
was then used to produce an interpolated rock surface and enable an assessment of rock cover 
above the tunnel crown. Areas of potential low rock cover were identified around the portal 
and around section 0+300, see Figure 4. 
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Figure 4. Forecast rock cover above the tunnel crown along the access tunnel. 
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3 DESIGN 


The access tunnel had a design width of 8,1 m and a height of 8 m, which provides space for two- 
way traffic, a pedestrian walkway and sufficient room for ventilation tubes for construction ventila- 
tion for the station, see Figure 5. This section was applied to the entire length of the access tunnel 
until the connection with the service tunnel and platform cavern was reached at chainage 0+518. 


Vehicle Vehicle 


corridor corridor 
e+ Walkway 


or 
3 ez 
Figure 5. Typical cross section for the access tunnel. 
Design of permanent reinforcement for the access tunnel except for the portal area and the con- 


nection to the station was based on a typical reinforcement solution. This solution was designed 
using empirical and analytical methods and resulted in the reinforcement classes shown in Table 2. 


Table 2. Typical reinforcement solution for the access tunnel in sections with span, B: 7<B<12 m. 


Rock bolts 
Length = 3 m Fiber reinforced shotcrete 
Spacing (m) Thickness (mm) 

Rock class Rock quality Roof Wall Roof Wall 

A 75<RMRy,,sS100 Spot Spot 40 0 

B 60S<RMRpas<75 1,8 Spot 65 40 

C 45<RMR»as<60 1,5 1,5 90 65 

D RMRpas<45 Special reinforcement designed for specific case 


The technical specifications and bill of quantities for the tunnel included solutions for pre-bolting 
(spiling), reduced round length, smooth blasting and excavation using pilot tunnel and stopping 
which provided solutions that could be used if poor rock was encountered during excavation. 


4 CONSTRUCTION 


The graphite structure impacted measures during construction from 0+272 m where a rock 
fall occurred along the structure in the left wall, Figure 6. The structure followed the tunnel 
heading during the excavation of approx. 170 m tunnel. 


4.1 Geological mapping and observations 


The tunnel walls and roof were continuously mapped during excavation and an engineering 
geological description of the conditions and fracture orientations were made based on the site 


observations (Figure 7). 
The RMR value determined the basis for the choice of rock support class but during the exca- 


vation through the graphite bearing fracture zone, the reinforcement was customized for each 
mapping section in cooperation between the site geologist, designer and construction supervisor. 
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Figure 6. Rock fall along the graphite structure in the left wall (left) and the face at the section 
0+288 m (right). Note the graphite structure in the left wall. 


Figure 7. Engineering geological map of the access tunnel, example by the chainage 0+380-0+430. The 
walls are folded out and the ceiling is in the middle. 


According to the tunnel mapping, the rock mass consists of a heterogeneous sedimentary 
gneiss with elements of more granitic rock. The foliation, foliation-parallel cracks and graph- 
ite bearing weakness zones (thickness approx. 0-1 m) strike is almost parallel to the tunnel 
(east-west) and has generally fallen steeply (70-90°) towards both north and south. The zones 
were mainly located in the left wall and roof. 

The fractures had smooth or slickenside surfaces which resulted in low friction and reduced 
shear strength, Figure 8. The lowest calculated RMR-value was 43 and the Q-value 0,12. 

Several graphite bearing weakness zones were encountered during excavation of the tunnel 
between section 0+270 and 0+440, Figure 9. These zones were typically 0,5-2 m thick and con- 
tained a mixture of highly fractured gneiss, massive graphite and small quantities of clay. The 
zones showed clear evidence of previous deformation and shearing (slickensides), were oriented 
sub-parallel with the tunnel alignment (strike 270-290) and were steeply dipping both North and 
South (dip direction varied). The rock mass between these zones consisted of fractured gneiss 
with graphite bearing fractures and foliation which was genereally oriented parallel with the 
weakness zones. The rock mass in certain sections, particurlaly around chainage 0+320 showed 
high hydrualic conductivity (running water from fractures and bolt holes). 
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Figure 8. The tunnel face with slickenside fracture surface and graphite after the last curve of the access 
tunnel (left). Fine grained material after the blasting through the graphite bearing rock mass (right). 
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Figure 9. Location and strike of the graphite structures in relation to the access tunnel. 


4.2 Reinforcement measures 


Between the sections 0+292 — 0+420 restrictions on round length combined with the installa- 
tion of spiling bolts were introduced to reduce the risk of extensive overbreak and to assure 
the stability of the tunnel until the permanent reinforcement could be installed. 

The spiling bolts had a length of 5 or 6 m, diameter of 25 mm and were installed in 12 sec- 
tions. Figure 10 shows examples of spiling bolts installed in the tunnel. 


Figure 10. Examples of spiling bolts at the sections 0+305 (Left) and 0+313 m (Right) after excavation. 


Convergence measurement sections were installed when the tunnel front was at approx. 
0+337 m. The measuring sections were placed in 0+327 and 0+334. Later, when the tunnel 
front was on section approx. 0+371, another measuring section was installed at 0+307.5 m. 
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The result of the convergence measurement indicated that the left wall had a slight move- 
ment towards the tunnel. 

Cracks in the shotcrete were mapped to identify areas with possible movements in the rock 
mass or sections with low shotcrete adhesion due to graphite. Most of the cracks were observed 
where 3 m rock bolts had been installed, between sections 0+280 m and 0+330 m. Cracks were 
also observed where the spiling bolts were installed (start of hole) due to load concentrations in 
those sections. 

Complementary reinforcement with 5 m rock bolts and 50 mm shotcrete was installed in the 
sections with 3 m rock bolts and notable fracturing in the shotcrete. The 5 m long bolts 
stopped propagation of cracks in the shotcrete to a noticeable degree. Figure 11 show installed 
rock bolt lengths and the mapped fracturing in the tunnel roof shotcrete. 


Figure 11. Installed rock bolt lengths and the mapped fractures in the shotcrete. 


Ground water leakage caused low adhesion of shotcrete to the rock resulting in cracking 
and outfalls, Figure 12. Due to inflow in bolt holes and low adhesion in the sections between 0 
+332 and 0+342 PC-bolts with packers were applied instead of conventional bolts. During 
drilling of bolt holes in that area, process water was flowing from cracks and structures at 
several locations in the rock mass some distance away from the bolt hole. 


Figure 12. Fall out of shotcrete due to low adhesion (left) and fracturing due to low adhesion or move- 
ment in the rock mass (right). 


5 CONCLUSIONS AND LESSONS LEARNED 


Excavation through the weakness zones and graphite bearing gneiss was managed through 
a combination of observation of the rock mass conditions, monitoring and observation of the 
installed reinforcement. Measures for temporary reinforcement (spiles), excavation restric- 
tions, modified drill and blast plans and adjustment of permanent reinforcement for the actual 
rock conditions were successfully applied to enable passage through the zone area without 
stopping tunnelling works. 

The pre-investigation of the geological conditions did not identify the weakness zones that 
were encountered between section 0+270-0+440. The core holes that were drilled as part of 
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the site investigation program were located south of the access tunnel in the area for the 
planned Sickla station. These holes had identified a significant East-West striking weakness 
zone south of Värmdövägen that coincides with a depression in the bedrock surface. However, 
as no core holes were drilled to investigate the rock mass specifically for the access tunnel and 
the fact that there was no obvious East-West oriented depression in the bedrock surface along 
the access tunnel’s alignment meant that the encountered weakness zones were not forecasted. 

It could be argued that core drilling should have been performed to investigate the rock 
mass conditions specifically for the access tunnel. The possibility to perform core drilling was 
however limited initially due to the number of alternative locations/alignments for an access 
tunnel to the Sickla Station during conceptual design. Once the final alignment was selected 
and detailed design began, the time available to finalize detailed design and start procurement 
of the access tunnel was limited, which meant that there was in practice insufficient time to 
perform core drilling and implement the results in the detailed design phase. 

It would have been advantageous to have a pre-prepared technical solution for excavation 
and reinforcement for tunneling through rock conditions with sub-parallel weakness zones. It 
is, however, difficult to design a solution in advance that fully accommodates the conditions 
that are encountered during tunneling and modifications during construction will in most 
cases be required. In this case a close collaboration between the contractor, client site supervi- 
sion, geologist and designer made the zone passage successful. 
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ABSTRACT: A novel Gaussian distribution function is used to model the ground volume 
loss around the tunnel periphery based on which an attempt has been made to predict the 
ground settlements by using linear elastic analytical solutions. A set of around 6 m diameter 
twin-tunnels spaced 6 m apart are being constructed in Kolkata using Earth Pressure Balance 
(EPB) Tunnel Boring Machines (TBMs) at a cover depth of around 20 m. The ground strata 
is predominantly silty clay, clayey silt with concentration of sand around the tunnel region. 
A ground volume loss of around 1-2% has been observed at different transverse sections on 
the tunnel alignment. Field monitoring reported after the tunnelling appears to conform with 
the analytical solutions. The disparity in the analytical and the field observations can be 
attributed to non-linear, anisotropic and non-homogenous soil behaviour around the tunnel 
opening. The simplicity of the solution allows it to be used by the engineers without having to 
go for complicated analytical and numerical solutions. 


1 INTRODUCTION 


Analytical methods provide mathematically rigorous solution to a boundary value problem 
and are simple and time-efficient to use. These solutions for tunnelling problems are predom- 
inantly based on plane strain approximation of three-dimensional tunnelling problem. Face 
loss and radial loss around a tunnel can be incorporated indirectly using a broader term 
known as ground volume loss. The volume loss around the tunnel periphery could be mod- 
elled by prescribing (i) displacement or (ii) traction as a tunnel peripheral boundary condition. 
The displacements on the tunnel periphery could be either (i) uniform, or (ii) non-uniform 
(Figure1). 

During shallow mechanized tunnelling, the non-uniform tunnel peripheral movement is 
observed (Lee et al. 1992, Rowe & Lee 1992). Therefore, to better predict the ground surface 
movements, the tunnel peripheral displacements should be modelled non-uniformly. 

In this study, the non-uniform tunnel peripheral movements are modelled using a novel 
Gaussian distribution function (Jain & Kumar 2022). Sagaseta (1987), Verruijt & Booker 
(1996) provided closed form solution for a uniformly deforming tunnel using virtual image 
technique. The solution for ground displacements is then obtained by modifying the solution 
offered by Verruijt & Booker (1996) by incorporating non-uniform tunnel peripheral displace- 
ments. The ground surface movements for 8 different case studies are analyzed from the field 
measurements during twin tunnelling in East-West Metro, Kolkata. Further, semi-analytical 
solution is then compared with the field measurements. 
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Figure 1. Tunnel periphery movements: (a) uniform distribution and (b) non-uniform distribution. 


2 SEMI-ANALYTICAL MODEL: GAUSSIAN DISTRIBUTION FUNCTION 


A tunnel of radius R embedded at a depth h from the ground surface is considered 
(Figure 2a). The long cylindrical shallow tunnel is represented by a circular cavity in plane 
strain condition. A polar coordinate system is w.r.t. the centre of the tunnel with 6 measured 
from the negative z-axis. 
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Figure 2. (a) Vertical ground surface settlement trough, (b) the distribution of radial displacement 
around tunnel periphery. 


The vertical settlement at any point x on ground surface is represented by the following 
equation (Peck 1969): 


Sy = Sy max€Xp{ =x" / (21°) } (1) 
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where, Sy max is the maximum ground surface vertical settlement (the dip of the trough), and 
I is the trough width. It is proposed that the tunnel peripheral ground movement can be mod- 
elled using a Gaussian function (Figure 2b) given by 


S= 8\,maxexP{—a" / (2)} (2) 


are obtained when the soil is taken to be undrained, i.e., v = 0.5. In such a case, all the 
volume loss around the tunnel is reflected on the ground surface, i.e., the area of the two 
troughs should be equal: Area of the ground surface trough = v 275, maxJ; area of the tunnel 
peripheral trough = V 27 s| max/t- Therefore, 
I (3) 


pase tel, 
Sv maxŤ = Sy max 


Ground volume loss (GVL) is defined as follows (Loganathan & Poulos 1998): 


m(2R + 8\ max) ~#(2R)? 
avi -CR + Sinan) lR) is 
m(2R) 
From Equation 4, s} max can be found once the value of GVL is known. Substituting st max» 
Sy,max and J in Equation 3, the value of J, can be obtained. Once the parameters st may and 


I, are known, the complete tunnel peripheral displacement field becomes known. The ground 
loss parameter £o for present study is obtained as follows: 


a = S/R (5) 


Using virtual image technique, Verruijt & Booker (1996) obtained the following equations 
for the displacements of a uniformly deforming tunnel including the effect of ovalisation: 


Uy= eR?(3 i 5) rSR?x{ Oe alt 2eR?2x (3 mz: 


2T 
E 


1 17 T oa 6 
4oR2xh fz , mz(x?—3z5) (6) 
mit gt g 
wa eR? (a — 2) pop? fee 4 22k 2), 2R? (mtz _ mzez) 
7 Ao a ee Ai ae 7 (7) 
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where 6 = ovalization of tunnel over long time duration, v = Poisson’s ratio of media, 
é = ground loss parameter, m = 1/(1-2v), k = w/(1-v), 219 = Z F h, ry = xX +z, r =x? + 
zy”, x =rsin@; Z=h+rcos@. Equations (6) and (7) can be modified by substituting ô = 0 
and v = 0.5 as: 


x Xx ZZ2 
= —ER? | 5+ 5 )+4eR? 8 
t= “AR? (345) aera (2 (8) 
25 (422 
m [z2 Z2\ 2eR°z(x°—z5) 
uz= —éR (= 2) 4 (9) 


The ground loss parameter in Equations 8 and 9 is replaced by non-uniform ground loss 
parameter of Equation 5 to obtain ground displacement corresponding to non-uniform tunnel 
peripheral movements. 
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3 CASE STUDY: EAST-WEST METRO, KOLKATA 


In the deltaic region of Bengal basin lies flood plains of Hooghly River. Kolkata is a historical 
and densely populated city located on the banks of Hooghly River. A 16.4 km line East-West 
Metro consisting of 10.6 km of underground length is constructed beneath Kolkata as shown 
in Figure 3a. A set of twin tunnels spaced around 7-10 m apart with R = 3.19 m and h = 22- 
25 m are excavated using Earth Pressure Balance Tunnel Boring Machines (details given in 
Table 1). A 450 m section considered in this study lies between New Mahakaran and Esplan- 
ade metro stations as depicted in Figure 3b. 


Table 1. Tunnel specifications. 


Diameter of opening 6.380 m 
Cover 22-25m 
Avg. centre to centre spacing of tunnels 12.760 m 
Liner outer diameter 6.100 m 


Thickness of liner 0.275 m 


The longitudinal gradient of the tunnel along this stretch is around -1.00%. Further, the 
zone is traversed by many geological faults, however, the frequency of major earthquakes is 
quite low. The soil classification as per Indian Standard Classification System is CL, CI, CH, 
i.e., low, medium and high plastic clay, respectively. The soil is found to show plastic behav- 
iour with Liquid Limit = 50, Plastic Limit =35 despite high level of silt content (details given 
in Table 2). 


Table 2. Soil properties. 


Description SPT-N Undrained Shear Unit weight, Moisture Elastic 
value Strength y Content Modulus £ 

[kPa] [kN/m°] [%] [MPa] 

Fill <5 — 18.5 30 3 

Clay/ silty clay <10 75 19 27.5 - 35 3.3 

Silty sand/sandy silt 22 175 19.5 25-27 10 

Firm/medium stiff 30 225 20 22.5 - 25 20 

clay 


The soil is predominantly medium stiff silty clay, clayey silt, with concentrations of sand 
around the tunnel region. The Standard Penetration test (SPT) N-values around the top 10 - 
12 m are around 10 suggesting medium stiff soil. Stiffer stratum is observed around the tunnel 
zone with SPT-N values ranging between 20 - 40. The undrained shear strength around the 
top 15m of the soil is varying from 50 - 120 kPa, which increases to 150 - 200 kPa around the 
tunnel zone. The permeability of the ground is higher near the top layers around 5 x 10° cm/ 
sec while beneath the tunnel zone, it is between 1x107 - 2x107 cm/sec. For soft to medium soft 
clay, silty clay, the Youngs’ Modulus is observed to be around 3 - 5 MPa in the top layers. 
Around and below the tunnel zone, this is varying between 5 - 20 MPa. Hence, the selection of 
tunnel zone at 20 - 25m depth is justified on account of stiffer stratum and more competent 
ground conditions. 

Twin tunnelling is carried out initiating from Howrah Maidan Station with a gap of around 
150 m between the two TBMs. The advancement rate of tunnel varied between 5-25m/day with 
intermittent halts. Tunnelling involves excavation of soil, transportation of muck from inside to 
outside, installation of segment liner and advancement of TBM. During twin tunnelling, the 
presence of the first tunnel affects the ground deformations generating due to the second tunnel 
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Figure 3. East-West Metro Alignment: (a) Section between New Mahakaran and Esplanade Stations, 
(b) Stratigraphy. 


construction. Therefore, for the West Bound (WB) Tunnel (first tunnel) construction, greenfield 
conditions prevail. The solution presented in this study is valid for greenfield condition, there- 
fore the ground displacements after the construction of the WB Tunnel are discussed herein. 
For second tunnel, the ground displacements are affected by the proximity of the first tunnel. 
The ground volume loss observed after the East Bound (EB) Tunnel construction is marred by 
displacements of the first tunnel. However, an approximate prediction can be made even for 
the second tunnel. 

Table 3 shows the ground loss parameters obtained from observed volume loss for eight 
different sections along the tunnel alignment (Section a-a to Section h-h) in East West Metro. 
The GVL is defined as the percentage ratio of area of ground surface settlement trough to the 
cross-sectional area to the tunnel. To obtain GVL, the two relevant parameters Sy max and T 
are back-analysed from the field measurements of ground surface settlement trough. The area 
of the trough, as defined before, can be written as V2TS5v max! which when divided by the 
tunnel cross-sectional area yields GVL values. In order to predict such a trough for future 
cases, previous tunnelling history, experiences in similar geotechnical conditions or some nom- 
inal values of GVL can be taken, say 0.5-1%, and the vertical settlement of the ground can be 
obtained before construction. The field measurements are obtained 1-2 day after the TBM 
pass a particular section. Thus, only short-term deformations are considered in this study. 
Long-time settlements continue to happen due to consolidation of the soil. 
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Table 3. Ground loss parameters observed at different sections of the East West Metro (EWM). 


S. No. Section h [m] GYL [%] S max [mm] I, [m] 
1 a-a 21.0 0.555 17.676 4.014 
2 b-b 21.2 1.111 35.352 4.019 
3 c-c 22.2 1.530 48.533 4.024 
4 d-d 23.0 0.947 30.150 4.018 
5 e-e 23.0 0.921 29.312 4.018 
6 f-f 23.2 1.575 50.046 4.024 
7 g-g 23.4 0.976 31.052 4.018 
8 h-h 23.4 1.160 36.967 4.020 
wR 
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Figure 4. Vertical ground surface settlement (s,) observed at different sections along the alignment: (a) 
Section a-a; (b) Section b-b; (c) Section c-c; (d) Section d-d; (e) Section e-e; (f) Section f-f; (g) Section g-g; 
(h) Section h-h. 
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The field observed vertical ground settlement at these sections and the analytically obtained 
ground movements are presented in Figure 4 in a non-dimensional manner. The solution 
appears to predict the ground movements closely to the field measurements. 


4 CONCLUSIONS 


Using the Gaussian distribution function, the non-uniform tunnel peripheral displacements 
are modelled and the ground deformations are predicted semi-analytically. The tunnel geom- 
etry, ground conditions, and field measurements for tunnelling in East West Metro are pre- 
sented as a case study. Using the provided solution, the predictions are made for 8 different 
sections along the tunnel alignment which are quite close to the field measurements. The dis- 
crepancy between the analytical and the field observations can be attributed to non-linear, 
anisotropic, and non- homogenous soil behaviour around the tunnel opening. Tunnelling is 
a three-dimensional phenomenon with variables like grouting, soil consolidation, pore pres- 
sures, soil-structure interactions, tunnel face-pressure, TBM workmanship etc. governing soil 
behaviour around the tunnel. Therefore, this study is a first step solution towards predicting 
ground settlements via simplistic semi-analytical solution. By developing a computer code, the 
tunnelling induced horizontal and vertical displacements can be obtained for any ground loss. 
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ABSTRACT: Marol station, a part of 33.5 km underground metro line from Seepz-Colaba in 
Mumbai, is situated at a road junction and surrounded by hotels, commercial establishment, and 
a Fire Station. It passes underneath an operating elevated metro pier at a shallow depth of 26 m 
between its two successive spans of 28.63 m. While the vertical circulation of passengers and ser- 
vices in the underground station are accommodated in two box structures constructed by Cut and 
Cover method on either side of the elevated metro piers on two different roads, its platforms have 
been constructed by first driving both UP and Down alignment tunnels by TBMs and then widen- 
ing them by conventional tunneling method. Both the platforms are connected to the vertical circu- 
lation of the station by 16 cross-passages. This paper discusses in detail the various challenges faced 
during construction of widening Tunnel without restricting any operation of existing metro piers. 


1 INTRODUCTION 


Mumbai Metropolitan region is one of the fastest growing urban regions in the world. City 
requires massive infrastructure development to improve connectivity. Underground metro rail net- 
work, one of the major infrastructure projects in city, has faced many hurdles which were expected 
due to dense population and limited open space. Marol Naka station located below the existing 
elevated metro line required a close coordination among designers, construction team and metro 
operation team for seamless operation of metro services during construction. 


2 DESCRIPTION OF THE PROJECT 


The station consists of two boxes (Box A and Box B); of length 93 meters each with width of 
14m (Figure 1). The central portion shows the 52m length rock pillar which is exactly below 
the elevated Metro network from Andheri to Ghatkopar, the 8-lane main road & Marol Mar- 
oshi road in perpendicular direction along the station box (Figure 2). The total depth of the 
station is 25m. Station boxes are planned and positioned on either side of main road and ele- 
vated metro piers. The connectivity to existing elevated metro station at ground level is 
planned from both the station boxes. 


2.1 Construction sequence of Marol Naka 


Station box is constructed by bottom-up method. The earth retaining system is adapted which 
consists of a retaining wall made up of secant piles, three level struts, pre-stressed ground anchors, 
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Figure 1. Typical plan of Marol Naka Station. 


Figure 2. Cross sectional view showing new build UG station with platform tunnel and elevated metro. 


rock bolts and shotcrete based on geological profile. The strut system is analyzed and designed 
using software program STAAD.PRO and they are connected to secant piles using walers. The 
geotechnical analysis is performed in software Plaxis 2-D for the secant pile design and stability 
analysis of station. All structural elements are designed as per IS standards/ Euro standards. 

Both station boxes are excavated from ground level to bottom of raft using convention-al 
excavation technique. The station consists of different elements such as station box, platform 
tunnel and connecting cross passages from station box to Platform tunnel. Initially, 5.8-meter 
diameter tunnel was driven through on either side of station box by Earth Pressure Balance 
Rock Tunnel Boring Machine with precast concrete lining comprising 6 pieces of segments of 
width of 1.4 meter. Later these tunnels were enlarged to form plat-forms tunnels by conven- 
tional tunneling method. 


3 GEOLOGY OF THE AREA & DESIGN PARAMETRS 


Geologically, Mumbai is made up of Basaltic lava flows which are dipping towards West at 
about 10°-20°. This lava flows have been found as seven distinct sporadic episodes from upper 
Cretaceous to lower Eocene (60 to 50 million years). Basalt, Volcanic Breccias, Rhyolite, Trach- 
ytes are the main rocks exposed at various locations in Mumbai. The geological profile at Marol 
Naka station as per Geotechnical Interpretative Report (GIR) is summarized as below: 
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¢ Soil Fill: from GL to 2.0m deep 

e Clay/ Residual soil Layer: from 2.0 to 6.0 m deep 
e Breccia GIV: from 6.0 to 13.50 m deep 

e Breccia GIII: from 13.50 -30m deep 

e Breccia GII: from 30m deep 


Grade IV weathered rock was detected at the depth of 18m to 22.5m with less RQD values. 
The tunnels mainly passed through this volcanic Breccia GII/GII overlaid by Breccia GIV, 
residual Soil and Fill. The above geological strata states that the grade of the rock for the 
tunneling was mostly rock grade III with the patches of rock grade IV. 

Two analyses have been carried out by changing the rock grade in which the tunnel is 
expecting to pass at design stage. 


e Case l- Tunnel passing in Grade II- Volcanic Breccia 
e Case 2- Tunnel passing in Grade II- Volcanic Breccia 


The KO value for the station wall design was considered as 0.5 whereas for the tunnel sec- 
tions it was initially assumed as 0.5 and 1.5. To determine the KO value for platform tunnel 
design, the hydro fracture test (Gowd et al. 1992) was performed in both boxes (one in each 
box). This test consisted of drilling 2 boreholes up to 30 meters depth and carrying Acoustic 
Borehole tele viewer and Hydraulic fracturing test to measure the magnitude and direction of 
In-situ Stress at two locations, one each in Box A and Box B locations. The averaged value 
obtained after the tests was around 1.57 which was close to the assumed value of 1.5. 

A uniform load surcharge of 50 kPa on the ground is considered. For the assessment of 
ground pressure, the Finite Element Method is considered, with a geotechnical modelling and 
rock parameters as given in Table 1 (2010.Guideline for the Geotechnical Design, The Aus- 
trian Society for Geomechanics). Loads due to water pressure shall be of full hydrostatic pres- 
sure and be calculated using a density of 10 kN/m3 for fresh water. The groundwater level is 
assumed to be at surface level. 


Table 1. Rock parameters considered for modeling. 


Material type Breccia II Breccia II 

Damage factor D=0.5 D=0.7 D=0.5 D=0.7 
Unit weight 23 KN/m3 23 KN/m3 24 kKN/m3 24 kN/m3 
Young’s modulus 1441310 kPa 1061610 kPa 5189400 kPa 3872480 kPa 
Poisson’s ratio 0.25 0.25 0.25 
Failure criterion Generalised Hoek and Brown 

UCS 25500 kPa 25500 kPa 32500 kPa 32500 kPa 
GSI 46 46 63 63 

mi 17 17 19 19 

mb 1.29925 0.874748 3.2626 2.48798 

s 0.000747 0.000399 0.0072 0.00469 

a 0.507551 0.507551 0.502 0.502 
Material type Plastic Plastic Plastic Plastic 
Hydraulic Permeability 1e-07m/s le-07m/s le-07m/s le-07m/s 
K2/K1 1 1 1 1 


4 FINITE ELEMENT ANALYSIS - MODELLING STAGES 


4.1 General model description for platform tunnel 


The analysis has been carried on using RS 2 Version 9 in order to model the staged construc- 
tion and assess the overall stability and ground movements. The plain strain models are used 
in the analysis. The model is 210 meters long and 78 meters height. The excavations sequence 
is simulated by various stages for station boxes: 
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— Initial phase: Ground on its own. 

— Phase 1: Relaxation for TBM tunnels by modulus reduction method (30% relaxation) 

— Phase 2: TBM tunnels excavation same time for preliminary design 

— Phase 3: Station box excavation and first strut installation 

— Phase 4: Station box excavation and second strut installation 

— Phase 5: Station box excavation and anchor installation 

— Phase 6: Station box excavation and third strut installation 

— Phase 7: Bottom Slope Excavation and support installation (in stages of 3 m excavation) 

— Phase 8: Rock bolts support through TBM segments parallel for both tunnels for conserva- 
tive design 

— Phase 9: Enlargement of TBM tunnel by Conventional tunneling (Relaxation of 30% 
before excavation) and support installation (Two stages excavation i.e. heading upto plat- 
form level and benching is done for preliminary design) 


The water table is considered at the surface and lowered below the excavation level as per 
excavation process for station boxes in various stages using piezometric lines. The analysis 
for Enlargement tunnel is done for geological conditions defined above as per actual geo- 
logical information based on drill holes data and anticipated geological conditions. The sup- 
port measures drawings for good rock (Class B) and poor rock (Class D) are also proposed 
based on Barton chart (Barton et al.1974). For cross passage the excavation is carried out in 
single stage with support measures for preliminary design. Only one support measure is pro- 
posed for cross passage as per geological conditions. 

For tunnels around the central pillar, the TBM tunnels are excavated in single stage together 
then Conventional tunnels are excavated in single stage together for preliminary design. The pre- 
liminary lining design is done using RS2 software for 350 mm thick lining for rock/soil loads as 
per actual FEM model. The standard boundary conditions have been ap-plied in the model. It 
means that no horizontal deformations are allowed in the vertical boundaries and no vertical 
deformations are possible in the bottom edge of the model. The model has been meshed with 
3-noded/6-noded triangular elements. 

As result of this detailed design analysis, the total displacement after TBM tunnels excava- 
tion is less than 1 mm at surface after TBM excavation and 24 mm after box station and con- 
ventional tunnels excavations. it is seen that the deformations around the enlargement tunnels 
and at surface are within the permissible limits with provided support system. 


4.2 Numerical models for conventional tunnel with MMLI viaduct 


Figure 3 shows the numerical model used for the detailed design analysis and the coordinates 
system in the model has been set up with the Y-axis coinciding with the vertical axis in the 
model center. The model is 200 meters long and 60 meters high. The piles are modelled as 
“soil and interfaces” structural elements, with elastic properties. The excavation sequence for 
Platform (enlargement) tunnel with MMLI viaduct is simulated by 7 stages. Gravity loading 
is considered for the analysis. The standard boundary conditions have been ap-plied in the 
model. It means that no horizontal deformations are allowed in the vertical boundaries and 
no vertical deformations are possible in the bottom edge of the model. The uniform load rep- 
resenting surface loads of 50 kN/m2 is applied on the ground sur-face. For platform tunnel 
with MMLI! viaduct, additional loads of the viaduct bridge. To simplify the 2D model, the 
calculations have been made with half of the pile foundation. Every foundation is composed 
of 4 piles, therefore only two have been considered for every pile being in the same 2D plan. 
The Viaduct pile loads for Pile Dia 1.2 m = 600 MT, Pile Dia 1.5 m = 900 MT was considered 
for this design analysis. 

Comprehensive face mapping (Goal et al.1991) is carried out at station excavation stage of 
Station boxes and this mapping is used as an important input in analysis for formation of 
wedges due to the discontinuities in the area. Length of rock bolts and the systematic bolting 
pattern will be refined looking into the unwedge analysis. It required, to increase the stand-up 
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time, provision for fore poling and umbrella roofing arrangements installed during connecting 
platform tunnel construction below elevated metro Piers. 

The water table is considered at the surface and the analysis for widening tunnel is done for 
geological conditions defined above as per actual geological information based on drill holes data 
and anticipated geological conditions. The support measures provided for good rock (Class B) 
and poor rock (Class D) are also proposed based on Barton chart (Barton et al.1974). 


Figure 3. Phase 2 model; Numerical model of platform tunnel (MML1 viaduct) Grade III. 


5 ENGINEERING CHALLENGES 


The Platforms tunnels were at a shallow depth of 15.1 m from ground level and were close to 
the founding levels of the piles of three successive piers of the viaduct elevated metro. At the 
tender stage the rock column between the station excavation face and tunnel excavation was 
planned to be about 2.7 m. After model analysis using RS-2 software it was found that the 
2.7m thick rock column was yielding leading to failure of this rock column during critical stage 
of excavation and may cause large displacement during plat-form tunnel construction (Figure 4). 
To have an increased rock column width of 5.7m, the alignment of tunnels carrying railway 
tracks and platforms were laterally shifted farther. While the shifting of the alignment resolved 
the integrity issue of the rock column it brought the platform tunnel even closer to the pile foun- 
dations of two piers of the elevated metro. Figure 5 shows the final configuration of the founda- 
tions of the elevated metro piers vis-a-vis the finished profile of the Platform tunnel. 


Figure 4. Typical geotechnical analysis model of NATM tunnel with 2.7 m rock mass (left) and 
5.7 m rock mass (right). 


During TBM mining ground water with pressure up to 4 kg/sq.cm was encountered in 
a length of 70m below the metro piers. Due to presence of clayey muck within breccia rock led 
to flooding of tunnel with sludge. Geophysical investigation was carried out investigate the 
reasons and extent of the water body by Step-Frequency GPR (Cross hole GPR Tomography 
Method). Five boreholes were drilled up to 22m depth (tunnel invert) in rock mass between the 
two stations. The resulting 3-D subsurface attenuation image of the mapped portion (Figure 6) 
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Figure 5. Typical section between elevated metro piers. 


between the two station boxes and water path indicated the source of fresh ground water in the 
natural geological anomalies in this area. The presence of ground water detected in fractures, 
joints, vesicles and in weathered zone of basalt & breccia rock. It is inferred that the occurrence 
and circulation of ground water is controlled by vesicular unit of lava flows and through sec- 
ondary porosity and permeability developed due to weathering, jointing, fracturing of rock. 
The water path contains weak rock mass of grade IV permeable layer of weathered/ weak zone 
of volcanic breccia. Extensive grouting operations were done to contain water ingress. Photograph 
of this portion, taken on a later date during widening of the tunnel by conventional tunneling, 
shows weak rock mass with permeable layer of weathered zone of volcanic breccia (Figure 7). 


Figure 6. 3-D GPR attenuation tomogram around the mapped portion of the platform tunnel. 


Settlements were controlled during construction of platform tunnels under the protection of 
a 76mm self-drilling rod - arch umbrella used for the entire length of the tunnels for length of 56 
meters of rock column between the two station boxes. This was viewed sufficient for pre support 
(Page no 22, ITA/AITES Report, 2006) wherever the highly permeable layer grade IV rock mass 
encountered. Probing was done below the elevated metro piers and soft patches were strengthened 
by consolidation grouting. Pre- Grouting was implemented, in this fractured zone, for Stabilizing 
the rock mass by using Normet Tampur 116T and equivalents. MasterRoc® MP 116T and 
equivalents. MasterRoc® MP 355, a polyurethane resin, was used immediate blocking of 
water ingress. 

Length of rock bolts and the systematic bolting pattern was refined looking into the un-wedge 
analysis. The provision of 76mm diameter self-drilling bars as fore poling and umbrella roofing 
arrangements below the metro piers increased the stand-up time and facilitated suspension of 
construction activities for about 3 months during Covid-19 pandemic. Real time monitoring and 
other manual monitoring continued during this period. In unstable rock face and water ingress 
area, either one or a combination of the following measures were adopted to support the face: 


° Strengthening of face with shotcrete and face bolting as per design & geological mapping 

e Reducing the size of the tunnel advance to 1 m excavation instead of 1.5m particularly 
below the metro piers. 

e Placing an additional 50mm sealing coat of shotcrete on the face mass before excavation. 
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Weak rock mass contains 
Grade IV Volcanic breccia 
having strength of 5to 
10 mpa 


Fair rock mass contains 
Grade lil, Volcanic breccia 
having strength 25 mpa 


Figure 7. NATM tunnel exaction and dismantling of TBM tunnel rings. 


e Controlled blasting was adopted 30 meters away from metro piers during tunnel bench- 
ing excavation to excavate trachyte rock mass having UCS value of more than 100MPa 
UCS. This Controlled drilling and blasting pattern was designed, implemented and 
monitored by Central Institute of Mining and Fuel Research (CIMFR), a Govt of India 
firm. During the controlled blasting the vibration were limited 2mm/sec (British Stand- 
ard BS 7385-2:1993). 


6 INSTRUMENTATION AND MONITORING 


Monitoring of ground behavior and of the elevated metro piers was done by using advanced 
sensitive instruments on real time basis. These instruments were calibrated in every years once 
due to check workability to achieving accurate data as per construction requirements. The max- 
imum vertical deformation in tunnel was predicted at design stage and maximum vertical settle- 
ment at ground is about 10mm with designed support system. The deformation/convergence 
around the Platform tunnels for station and cross passage was monitored through optical tar- 
gets with one at crown, two at springing level and two at walls at every 10 m intervals. The 
settlements at surface/surrounding buildings also monitored through settlement marker and tilt- 
meters @ every 5 m interval. 

This prism data was processed by Geodata’s Eupalinos software for avoiding man made 
errors. However, no settlements occurred at the time of Platform construction by conventional 
method due to adequate support provided was sufficient to safeguard the excavation with an ini- 
tial support. The Table 2 above shows the final trigger value and observed reading during con- 
struction and the Figure 8 shows the Convergence Plot on a timescale. All the instrumentation 
values are within the Alert Level. The collected instrumentation data was verified and validated 
by highly experienced Geotechnical Engineers daily. 


Table 2. Readings during construction compared with trigger value. 


S. No Description Trigger Value Values during Construction 


1 Pavement Marker 10mm 00 

2 Tilt Meter — Real Time 0.002 degree 00 

3 Vibration monitoring 2.5mm/sec Within limit 
4 Optical Target 10mm 00 

5 Extenso Meter 10mm 00 

6 Inclinometer 12mm 00 

7 Standpipe Piezometer 12m 00 

8 3D-monitoring-Convergence 10mm 00 

9 Pressure Cell 3.8 MPa 0.18MPa 
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Figure 8. Instrumentation data plots for convergence & pressure cell monitoring. 


7 CONCLUSION 


Despite all the Geological challenges the Platform tunnel by conventional method with final 
lining was constructed successfully without hampering existing metro operation. The geotech- 
nical challenges like soft ground, heavy ingress of water and dismantling of TBM tunnel was 
achieved as per planned schedule. Settlements and vibrations observed during the critical 
stage of tunnel excavation, were within the permissible limits. This was achieved by careful 
coordination between the planners, designers, geotechnical engineers, and field engineers. 
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ABSTRACT: This paper presents a case study on design and construction of mined tunnel 
for DTSS2 in Singapore. The geological condition comprises excavation in soft soil, hard rock 
as well as unexpected fault zone with high water permeability. The analysis methods for 
mined tunnel in rock used included the Q-system, analytical closed-form calculations, kine- 
matic analysis using the Unwedge software, while the analysis method for mined tunnel in soil 
was carried out using finite element method with ground stress relaxation assessment. Mech- 
anical excavation with hydraulic breakers and excavators were adopted for construction of 
the mined tunnel. Probe drilling and grouting were carried out to form a water-tight zone sur- 
rounding the tunnel profile. Convergence points were installed and monitored to ensure the 
movement of the mined tunnel is within design limit. The excavation of the mined tunnel has 
completed in March 2022, the maximum convergence of mined tunnel recorded was well 
within the design work suspension level. 


1 INSTRUCTION 


The Public Utilities Board (PUB) of Singapore is currently progressing Phase 2 of the Deep 
Tunnel Sewage System (DTSS) project which comprises an approximately 50 km long tunnel 
of 3 m to 6 m internal diameter. The main tunnel runs from the southern end of downtown 
Singapore towards the industrial Tuas district in the west where a new centralized water rec- 
lamation plant (WRP) is proposed. Five branch sewer tunnels will be constructed to collect 
used water and connect to the main tunnel forming a sewerage network in southern Singapore. 


Figure 1. DTSS Phase 2 T-09 Project site location plan. Note the red arrows are indicative TBM drives. 
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Leighton Contractors (Asia) Limited (Singapore Branch) (LCAL) has been awarded Contract 
T-09 of the project which consist of design and build of 7.9km long bored tunnel (6.55m ID), 8 
shafts and 6 sections of mined tunnel connecting the bored tunnel to shafts (See Figure 1). COWI 
was appointed to act as design consultant and carried out the design of tunnels and shafts. 

This paper discusses the design of primary lining and construction challenges encountered 
for the bypass mined tunnel at Shaft N. 

The shaft N, which consists of Gate shaft N(online) and peanut Shaft N(offline, N-DS1), is 
situated within a looping slip road from Clementi Road onto the AYE (Toll road). 

Bypass tunnel, connecting the Peanut Shaft and Gate Shaft, is located at 25m below the 
ground level spanning 41.7m in length and under crosses 15m wide twin-cell culvert with steel 
H-pile foundation, high tension electrical cables and 1.2mØ sewer line. See Figure 2. 
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Figure 2. Bypass Mined tunnel plan and long section. 


2 GEOLOGICAL CONDITIONS 


The stratigraphy within the mined tunnel area is dominated by two geological formations, the 
Kallang Group and Jurong Group overlaid by FILL layer with thickness of 1 to 5m. 

Kallang Group is a sedimentary drift deposit of marine, alluvial, littoral and estuarine origin 
formed during the Holocene and late Pleistocene. 

Deposition of Jurong Group was in terrestrial, transitional, and shallow marine environ- 
ments, leading to the formation of inter-digitating mudstones, siltstones, sandstones, conglom- 
erates, limestones and occasional volcanic units of middle Triassic Epoch. 

The bypass tunnel is constructed in soil face, mixed face and rock face of siltstone/mudstone 
and limestone (nodular micritic mudstone) with varies weathering grade (completely wea- 
thered SV to moderately weathered SIIT) of Jurong Group. 

Boreholes along bypass mined tunnel indicate that there is a distinct change in the type, con- 
dition and depth of rock encountered at online and offline shaft, which suggests that a major 
geological fault zone intersects the mined tunnel. 


3 TEMPORARY SUPPORT DESIGN OF BYPASS MINED TUNNEL 


The bypass mined tunnel will follow a uniform section along its entire length of 41.7m and the 
finished cross section is equivalent to a circle of diameter of 3.5m. The profile is selected to 
minimize the invert arc. The excavation of bypass tunnel is expected to start from offline shaft 
towards the online shaft. 

For the design of temporary support, the excavation span for bypass tunnel has been deter- 
mined considering a thickness of 200mm and 250mm for permanent and temporary lining above 
the internal span of 3.5m. The allowances for sacrificial concrete, waterproofing, smoothing 
layer, overbreak along with operational and constructional tolerances were included in the calcu- 
lation for the excavation dimensions. 


3.1 Design methodology 


The temporary lining in rock will utilize steel fiber reinforced sprayed concrete along with 
rock bolts. As it is anticipated that rock mass of weathering grade S(IV) or better may be 
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encountered at excavation face having a wide range of Q value with minimum values < 0.1. 
Soil formation S(V) is also anticipated to be encountered near offline shaft. Different method- 
ologies of analysis are adopted for different scenarios with regards to geological and loading 
interfaces around the mined tunnels, listed as follows: 


e The design is based on NGI Q-system for Qmappea > 9.1, 

e For case where tunnel is mined in the closed vicinity of H-Piles for culvert, the design is 
based on NGI Q-system and verified using numerical analysis for Qmappea > 9.1, 

e The design is based on numerical analysis for very poor rock mass with Qmappea < 0.1, i.e., 
class S(IV) and S(V). 


3.2 Design of temporary Sprayed Concrete Lining (SCL) using NGI-O system 


For rock mass with Q > 0.1, the temporary supports are determined using the NGI Q-system 
(NGI, 2015). The Q values and its six corresponding parameters are average values estimated 
from logging of relevant existing and additional core logs in the vicinity of Shaft N. For design 
using empirical charts, Qmappea Values is factored to achieve a Quesign Value depending on the 
location of support. Due to its proximity to shaft on both ends of tunnel, the effect of tunnel 
intersection has been incorporated into the estimated Q value as 3 x Jn. A Qwan factor of 2.5 
has also been applied such that Qwan = 2.5 X Qroor- 

The stand-up time and maximum excavation length of mined tunnel were determined 
through Bieniawski’s chart based on the RMR system (Barton & Bienawski 2008) developed 
based on numerous tunnel case histories. 


3.3 Kinematic analysis 


Kinematic analysis was carried out to determine the largest possible wedges and to check the 
adequacy of the support system provided to support potentially unstable wedges. Support system 
maybe adjusted if required based on wedge stability analysis carried out in UNWEDGE software. 


3.4 Numerical analysis 


Due to the complex ground conditions and impact from pile foundation of the existing culvert 
drain, comprehensive numerical analyses were carried out to consider following scenarios: 


e Case | - the tunnel is expected in good ground condition (rock class SIIT) but in close prox- 
imity of H-Piles of culvert 

e Case 2 - the surrounding rock mass at tunnel level is expected to be class S(IV) and means 
Q value could range < 0.1 

e Case 3 - the surrounding rock mass at tunnel level is expected to be class S(V), which is 
deemed as soil formation, 

e Case 4- The sensitivity of case 3 is checked against proximity of H piles of culvert. 


The FE numerical analyses were carried out using RS2 software to model the sequential tunnel 
excavation process simulating the relaxation response of tunnel. The tunnel supports were simulated 
in model to verify structural forces in tunnel support and confirm the available safety or update the 
support system. Tunnel pre-support measures (like spiles and lattice girders) were not included in 
FE analysis of temporary support as these elements are provided for safe mining activity at the face 
and have little role in long term stability when the tunnel is excavated and advanced. 

During the tunnel excavation, ground relaxation and ground deflection related to it occurs 
ahead of the advancing tunnel face and around the tunnel. While this relaxation causes 
ground deflection and surface settlements, the ground movement also initiates the mobiliza- 
tion of shear resistance in the ground. 

For estimation of relaxation ratio for respective excavation stages the FE analysis was carried 
out to develop ground reaction curves based on the approach presented in Hoek et al. (Hoek et 
2008). The ground reaction curve developed was used to back estimate the tunnel relaxation for 
theoretical tunnel deformation based on an anticipated advance rate of 1m/per day. 
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The instantaneous ground relaxation due to unsupported tunnel excavation comes out to be 
84% and 64% for tunnel excavated in S(IV) rock mass and S(V) grade soil formation, respect- 
ively. Hence, a maximum of 40% initial relaxation was considered adequate in both cases for 
better utilization of temporary supports. 

The main temporary tunnel support system comprises of steel fibre sprayed concrete(SFRC) 
lining along with pattern rock bolts in rock and with lattice girder and spiles as pre-support in 
soil formation. In RS2, the SCL is represented as reinforced elastic beam with stiffness varied 
in stages to gain values with time to account for early strength gains. While the rock bolts are 
modelled as linearly elastic elements with defined yield limits. 


3.5 Tunnel face stability 


Additional check of face stability in top heading and invert was also carried to verify the stabil- 
ity of unsupported face, using effective stress approach assuming drained condition. Wedge 
failure mode was considered for face stability analysis based on the soil arching approach given 
by Terzaghi’s silo theory (Terzaghi 1943). 


3.6 Selection of design support 


The tunnel supports prescribed to be adopted finally is summarized in Table 1. The selection 
of the temporary support type will be determined by the mapped Q value based on the face 
mapping by the engineering geologist on site. 


Table 1. Summary of Minimum temporary support for bypass tunnel. 


Max. 
Min. Advance 
Sprayed Length(m) 
Concrete Min. Bolt Max. Bolt Max. Bolt Top Max. 
Support Mapped Thickness embedment  radial(S) longitudinal Additional Heading/ Stand-up 
Class QRange (mm) length (m) spacing(m) spacing(m) Support Invert Time(hours) 
N-B-1 Q210 50 3.1 SPOT SPOT - 10.5/10.5 1000 
N-B-2  4<Q<10 60 3.1 2.1 2.1 - 10/10 300 
N-B-3 1<Q<4 60 3.1 1.7 15. - 8/8 90 
N-B-4  0.4<Q<1 90 3.1 1.5 1 - 6.5/6.5 21 
N-B-5 0.1<Q<0.4 120 3.5 1.3 1 RRS 1/2 8 
I @4m c/c 
N-B-6 Grade t 3.5 1.3 1 # 1/2 0.5 
SIV rock 
mass/ 
Q<0.1 
N-B-7 Grade GV ** - - - # 1/1 0.5 


Notes:* 200 TYP. 200 TO 250 SIDE WALL 
** 250 TYP. 600 ELEPHANT FOOT+INNER LAYER WB10 
# LATTICE GIRDER @1m c/c+SPILES@250mm c/c, EVERY SECOND ROUND 


3.7 Ground water control and grouting 


The contract requires curtain grouting for soil and rock to achieve hydraulic conductivity of 1 
Lugeon. Also, groundwater inflow requirement for mined tunnel is maximum of 25L/min for any 
combination of two probe holes, measured from over a minimum of 5m length and a minimum 
1 hour after termination of probe holes. Pre-excavation grouting is to be carried out until the 
groundwater inflow is achieved. Stages of probe drilling and grouting are then designed around 
the annular perimeter of the mined tunnel in umbrella shape. The probe holes were proposed in 
two advances each with 22m ~ 24m length of a minimum 75mm diameter. All the probe holes 
will be grouted and additional grout holes will be administered when 25L/min water inflow limit 
is exceeded (see Figure 3). This arrangement is expected to provide 2m thick curtain grouting 
which act as water inflow barrier during excavation. 
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Figure 3. Flow chart for probe drilling and grouting (design). 
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4 CONSTRUCTION OF MINED TUNNEL 


Bypass tunnel excavation started in soil (SIV & SV) formation at Shaft N offline and trans- 
formed to mixed face before fully entering into rock (SII) face. 

Remote operated Brokk was used for the excavation and drilling works. Tunnel excavation 
including advance probe drilling, pre-excavation grouting and the temporary support installation 
commenced in December 2021 and completed by Mid-March 2022 during Covid pandemic. 


4.1 Advance probe drilling and pre-excavation grouting 


Bypass tunnel under crosses a 15m wide twin-cell culvert, 1.2m@ sewer line and high-tension elec- 
trical cables. Hence, carry out grouting from surface is a daunting task and was designed to exca- 
vate the tunnel by carrying out advance horizontal probing and grouting ahead of the tunnel face. 
Multiple stages of advance probing and grouting were carried out to a length ranging from 15- 
18m and with overlap of two times the span of the tunnel measured along its center. A minimum 
of four numbers of probe holes were always maintained ahead of the tunnel face in each stage. 
Following probe drilling and grouting pattern (see Figure 4) was proposed in the design 
which requires 4 number of Probe holes (type 1) to check the water ingress. Grout holes (Type- 
2) are needed when water ingress from probe holes found to be greater than 25lit/min from any 
two holes combined. However, considering the un-grouted tunnel and varying geology, Type-2 
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Figure 4. Advance probing and grouting pattern. 


Table 2. Stage-1 grouting parameters. 


Stage-1 Drill Packer Termination Termination Water/Cement 


Grouting length Position Vol. Pressure Ratio Sodium Silicate 

Step-1 9 0.5 350 lit/m 5 bar 1 10% of cement 
grout 

Step-2 18 8.5 350 lit/m 9 bar 1 
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grout holes were used for probing and grouting purpose followed by Type-3 grout holes sub- 
jected to the water ingress measured from the Type-2 probe holes. Figure 4 illustrates the pro- 
posed changes to the advance probing and grouting that was adopted in construction. 

Stage-1 grouting to a length of 18m was carried out by coring and drilling through Shaft 
diaphragm walls. Both mechanical packers and inflatable packers were used for the grouting. 
Each hole was initially drilled to a depth of 9m and grouted with packer at 0.5m followed by 
re-drilling to a depth of 18m and grouted by positioning the packer at 8.5m. This two-step 
grouting was effective in achieving the target pressures and volumes as shown in the Table 2. 
For the subsequent stages, drilling and grouting was carried out to a depth of 15m with packer 
position at 7m, & pressure 9 bar, to achieve effective grout length of 5m after considering the 
10m overlap. Combination of Ordinary Portland Cement (OPC) grout and Microfine Cement 
(MFC) grout was used along with Sodium silicate for flash setting. 

In the event of achieving target volume of grout at 40% of the target pressure, dense grout 
either by reducing the water cement (w/c) ration or by adding 2% bentonite to cement grout 
was used to achieve the target pressures. However, addition of bentonite will result in low 
strength and longer setting time compared to low w/c ratio mix grout. 


4.2 Tunnel excavation and temporary support installation 


Tunnel excavation was carried out in stages of heading and invert with respective heights of 3.7m 
and 1.25m. Remote operated Brokk weighting 5 Ton and 2.1m high with horizontal reach of 5m 
is a perfect fit for the tunnel excavation. With various attachments such as breaker, drill rig and 
bucket, Brokk performed major functions needed for the excavation of tunnel. In SV/STV/mixed 
formations, pre-support H32-6m long spiles every third round, lattice girder with 250mm thick 
fibre reinforced shotcrete were used for temporary support. Installation of lattice girders and 
application of shotcrete were carried out manually by the skilled crew. To prevent slip failure of 
the tunnel face, excavation of invert was always kept at least 3m behind the heading. 

In general, every round of excavation spans Im in length followed by application of min- 
imum 50mm thick sealing shotcrete. Lattice girders were then installed manually under the pro- 
tection of sealing shotcrete followed by application of shotcrete to the required total thickness. 

75mmM-500mm long PVC pipes were used for weep holes on the tunnel wall and face when 
water ingress is observed and shotcrete around. Weep holes helped to release the water pres- 
sure on the green shotcrete and channeled the water away preventing wash away of shotcrete 
during spraying. 


4.3 Engineering geological mapping 


As per the project specifications, engineering geologist shall undertake the rock mass classifi- 
cation through rock mapping of the tunnel, and the designer of the SCL works shall have 
a permanent representative on site, the representative shall be well experienced in SCL works, 
knowledgeable of the design detail and capable of recommending changes to the design. 

COWI worked closely with the Contractor and compiled a ‘rock support manual’ to ensure 
that the site engineering geologist was aware of all the assumptions made in the design, the 
risks and problems that might occur during excavation and when to apply the contingencies. 
Certain contingency options could be applied based on the type of ground that was encoun- 
tered during excavation. 

The tunnel face conditions during construction are summarized in Figure 5 and were found to be: 


e T19% of total tunnel length was excavated in residual soil/completely weathered soil sandy 
silt/silty sand(SIV/SV), 21% was in fault zone composed of fault gouge and fault breccia, 
and 60% was in rock face(limestone, nodular micritic limestone). 

¢ The thrust fault zone is about 8m wide, with dip direction SW190~210°, dip angle 60~80 °, 
composed of very soft black clay and greenish grey silty clay with fault breccia, slake in water. 

e Rock face is composed of dark grey, medium to thickly nodular micritic limestone with 
black mudstone enclosed in grey limestone. Calcite veins were commonly observed. As 
showed in Figure 5, the mapped Q-value is generally between 0.1 to 0.9. 
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Figure 5. Longitudinal section showing the mapped geological profile, Mapped Q value and locations 
of convergence points for Bypass tunnel. 


e Two major sets of joints with NW-SE and NE-SW strike, with steep dip angle (60~80 °), 
plus random joints, joints are generally tight. 


4.4 Construction challenges encountered 


4.4.1 Challenges in grouting 

At the start, backward grouting approach was adopted for horizontal grouting. In this 
approach, hole was drilled to the full depth (18m in Stage-1), installed packer deep into the 
hole (8.5m in stage-1) and grout. Packer was then pulled back to the entrance of the hole 
(0.5m in Stage-1) to carry out grouting for the remaining length of the hole (0 to 8.5m). How- 
ever, in this approach, grout was observed to back flow behind the packer as the surface of 
the hole behind the packer in not grouted resulting in not achieving the target pressure thereby 
losing the efficiency of the grouting. To overcome, forward grouting approach was adopted. 
In this approach, hole was drilled to 9m in Stage-1, positioned packer at 0.5m from hole 
entrance and grouted. Next day, hole was then re-drilled until 18m in Stage-1 and packer was 
pushed 8.5m into the hole followed by grouting to the required pressure. 


4.4.2 Challenges during excavation 

As the tunnel was excavated in stages of heading and invert with invert kept minimum 3m 
behind the tunnel face, Brokk was parked over the unexcavated invert. After 10m of tunnel 
excavation, very soft fault zone was encountered on the full face of tunnel. When mixed with 
water and machinery movement, resulted in softening of clay thereby sinking the machinery. 
Hence, temporary invert was constructed with 200mm thick fibre reinforced shotcrete with 
WBI1O wire mesh for the movement of machinery. Invert excavation was further delayed and 
heading was continue with temporary invert. 


4.4.3 Water ingress through tunnel invert 

As the invert was kept minimum 3m behind the heading, pre-excavation grouting was carried 
out for heading only for the initial stages of grouting. However, this resulted in water seeping 
through un-grouted invert. The drilling and grouting of invert was challenging as the overburden 
is just 1.2m for the unexcavated invert behind the heading. Prior to grouting of invert, temporary 
invert with thick shotcrete and wire mesh was constructed along with sealing of tunnel face with 
100mm shotcrete. These measures helped to achieve target grouting pressures for the invert. 


5 INSTRUMENTATION AND MONITORING FOR MINED TUNNEL 
SCL tunneling is an observational method, instrumentation, and monitoring play an import- 
ant role to verify that the tunneling is performing as intended and to validate the appropri- 


ateness of the excavation and support measures, it also assesses the effects of tunnelling on 
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Figure 6. Convergence monitoring arrangement. 


nearby structures. Various instruments such as ground settlement markers, utility markers, 
piezometers were installed on the ground surface for monitoring of ground settlement and 
utility/structure movements. Recharge wells were installed to control the groundwater draw- 
down within 1.0m as required. 

Convergence monitoring points, with 5m of maximum spacing between arrays, were installed 
in the mined tunnel during construction, the instrumentation arrangement is illustrated in 
Figure 6, The work suspension level (WSL) for convergence points was set as 10 mm and alert 
level set as 7 mm. The convergence points were monitored and reviewed daily during first 7 days 
after installation, 3 days intervals from 8th to 22nd days inclusive, from 23rd days till cast per- 
manent lining, the monitoring frequency change to weekly basis. The measured maximum con- 
vergence was -9.2mm & +7.6mm(refer to Figure 7), well within WSL(10mm). 


{mAlimetres) 
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Figure 7. Convergence monitoring results (Array C1~C8) (Min. -9.2mm & Max. 7.6mm). 


6 CONCLUSIONS AND COMMENTS 


It is observed that mined tunnel design and construction in complex geological conditions and 
urban scenario is a challenging activity considering the site constraints, construction sequence, 
monitoring, and safety aspects. 

Current practice in mined tunnel design tends to depend upon national or owner-imposed 
design requirements, local tradition and practice and the experience of the tunnel designer. 
There are no universally accepted guidelines on how to assess the safety of a tunnel or the 
acceptability of a design and this means that engineering judgment and experience play a very 
large role in the design of mined tunnel. 

This deficiency was managed on this project by detailed engineering geological assessment 
and through ground investigation, the use of supporting analytical calculations, the prepar- 
ation of a ‘rock support manual’ for use by site staff to ensure they understand the design, 
and the deployment of competent engineering geologist and SCL design representative (SCL 
Rep) during construction. 

Competent engineering geologist and SCL Rep play an important role in success of the mined 
tunnel construction as the geological conditions may change suddenly and the immediate 
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assessment and adjustment for excavation sequence, additional support measures may be 
required, close collaboration among engineering geologist, SCL Rep and construction team may 
solve all technical issues on the spot, and therefore make the construction progress smoothly. 

Excavation of Bypass mined tunnel was safely and efficiently completed on time in 2022, in 
no small part due to the collaborative approach that was adopted between the designer and 
the contractor during the design and excavation of the mined tunnel. 

The instrumentation monitoring results indicate that the displacement observed at the sur- 
face level and in the tunnel during construction are well within the design limits. 
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Control of water leakages during TBM excavation — An example 
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ABSTRACT: Experiences from the execution of the two 20 long Follo Line tunnels may pave 
the way for the importance of a good understanding of how the geological and hydrogeological 
conditions may affect the achievement of a watertight tunnel. Different mitigations implemented, 
both during and after excavation by double shield TBMs, have defined a lesson learned for the 
performance of future TBM tunnels in order to control water leakages. 


1 THE FOLLO LINE PROJECT - AN OVERVIEW 


The Follo Line is a new 22 km long double track railway line newly constructed and set into 
operation between Oslo, the capital of Norway, and Ski, a city south of Oslo. The main part 
of this railway line is the 20 km long tunnel, built with two separate tubes. 18.5 km of the 
tunnel have been excavated by four double-shield TBMs, operated from one centrally located 
access point, the rig-area at Asland. See Figure 1. 


Asland rigg 


20 km tunnel 


Figure 1. The Follo Line — An overview of the different parts of the project. 
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1.1 The TBM excavation of the main part of the tunnel section 


From a centrally located rig-area, four TBMs, tailor-made for the hard-rock conditions along 
the tunnel section, performed the excavation of 18.5 km of the two tunnels. Two machines were 
assembled in one large drill and blast excavated cavern and excavated in the northern direction 
towards Oslo, and two machines were assembled in another large cavern and excavated in the 
southward direction toward Ski. 


1.2 Geological conditions 


The overburden of the tunnel section varied from 5 meter to 180 meter, with a maximum 
water pressure of 16 bar. The rock-mass within the tunnel section was in general homoge- 
neous, very strong and impermeable, with medium to little fractures. The rock-mass had 
during several glacial periods been exposed to erosion. Areas with fractures had been more 
exposed than areas with competent rock-mass, and the surface had been formed with peaks 
and valleys. After the last glacier period, these “valleys” were, in certain areas of Norway, 
filled with marine sediments, mainly clay. 

If a tunnel intersects one of these fracture zones, they may act as drainage channels and drain 
out eventual sediments deposited above the rock-surface. See Figure 2. Drainage of the clay will 
reduce the pore-pressure of the clay, which will result in settlements on buildings or other objects 
founded on the clay-masses. 

The fracture zones were connected with each other in a network. Intersecting one water- 
bearing fracture may also influence on connected fractures, and result in settlements on build- 
ings within large areas. This is illustrated in Figure 3 below. Good knowledge of these 


Figure 2. A tunnel intersecting a network of fractures. 


Figure 3. The tunnel crosses several fractures (blue and red rings) within two different fracture systems. 
The stars illustrate the influence areas related to the rings in the same color. 
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geological and hydrogeological conditions, how the mechanisms work together and how to 
handle such conditions during the construction period is crucial for the achievement of 
a watertight tunnel. 


2 EXPERIENCES DURING THE TUNNEL EXCAVATION 


2.1 Requirements in the contract 


The contract describes the geological conditions. Maps and illustrations of the network of 
fractures were attached to the tender documents, as well as the results from all the geological 
mapping and investigations performed. 

The tunnel was decided to be built as an undrained solution, with a watertight single-shield 
segmental lining. The gaskets of the lining were tested against a water pressure twice as high 
as the expected. The contract requirements regarding watertightness were rather strict and 
stated the following; 

“Contractor shall ensure a dry tunnel, which permits damp spots with no visible signs of water 
remaining on a hand immediately after touching the spot. No dripping! visible flow of water is 
permitted whatsoever.” 

It was expected to achieve a watertight tunnel at once the segmental rings were installed, 
and the back-fill material was injected in order to fill the gap between the lining and the rock 
mass. In the approximately 36 km of tunnels for the Follo Line, 20.000 rings, each consisting 
of seven segments, have been installed. Gaskets were installed around each segment during the 
production of the segments, which means that the lining consisted of approximately 1.700 km 
of gaskets. 

In addition, specific attention was paid to the necessity of performing pre-grouting from the 
TBMs in areas where water leaking could be a problem. In some areas, pre-grouting was defined 
as mandatory. The lump sum in the contract regulated for a certain amount of pre-grouting. If it 
turned out to be necessary to perform more pre-grouting, the contract had mechanisms to regu- 
late for that. 

It was a requirement in the contract to perform continuous overlapping probe drilling from 
the TBMs in both tunnels. The probe holes were 35 — 40 m long. This is illustrated in Figure 4 
below. Minimum one probe-hole should be bored, but the TBMs allowed for 38 different posi- 
tions of these probe-holes. One of the purposes of this requirement, was to identify water- 
bearing fracture zones ahead of the TBMs. If water was detected and the amount exceeded the 
defined trigger values related to the sensitivity of the specific area, pre-grouting should be per- 
formed in order to stop or limit the water ingress. The purpose of the pre-grouting was only 
to achieve control of the water ingress until the watertight lining was installed, not necessarily 
completely stop the leakages. After installation of the segment rings, including injection of the 
back-fill, the lining should act as the main mitigation in order to completely avoid water leak- 
ing into the tunnel. 
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Figure 4. Overlapping probe drilling. Possible to preform probe drilling from 38 different positions. 
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In the frost zones in each end of the tunnels, the Contractor was, during construction, 
instructed to perform contact-grouting behind the lining in order to fill eventual gaps and 
avoid water standing in voids between the segments and the rock. The concern was that water 
in such voids could freeze and destroy both the back-fill and the segments. 


2.2 What happened? 


In the beginning, the contractor did only bore one probe-hole, located in the 12 o’clock pos- 
ition from the TBMs. He did not take into consideration the geological conditions described, 
where it was obvious that the fracture zones would be crossed with different angles. Zones 
coming in with a small angle from one of the sides would for instance not be identified by 
a probe-hole in the 12 o’clock position before it was too late to start pre-grouting in order to 
avoid water leaking in from the fracture. 

Another experience was that the Contractor never bored more than 20 holes for the per- 
formance of a pre-grouting umbrella, even though it was possible to perform injections from 
38 different positions around the shield of the TBMs. In the contract, it was a requirement of 
boring minimum 20 holes to be compensated for the pre-grouting umbrella. 

The expectation of using the lining with the back-fill as an efficient stopper of the water 
ingress, did not fully work as expected. The back-fill material, a bi-component product, was not 
resistant against the high water pressure. The first round of injections took place right behind 
the shield, in order to fill the lower 265 degree of the tunnel annulus. In the second round, the 
remaining 95 degrees of the annulus was filled from grout-ports at the top, six rings behind the 
last installed. In many areas, the lining and the back-fill was exposed to water-pressure up to 
approximately 12 to 14 bar during crossing of the fracture zones. In these areas, the back-fill 
material was washed out, leaving an uncomplete degree of filling behind the segmental lining. 

The contract described a third round of injection, as well, in order to complete the back-fill 
and avoid voids where water could have access. This complementary round should have taken 
place on the back-rig of the TBMs, but the equipment for performing such rounds was never 
installed, so no post-filling was ever done. 

The high water pressure, which after a while was built up behind the lining, in combination 
with an incomplete back-fill, resulted in voids filled with water. This turned out to be 
a problem in some areas of the tunnel. 

In addition, it was experienced that the lining itself was not complete watertight within all 
areas either. In some areas, leakages occurred in the joints. There were probably different 
reasons for these leakages. One of them could have been the stiffness of the gaskets. 

It was a requirement in the contract that the segmental rings should withstand a water pres- 
sure twice the expected, but the Contractor did not tailormade neither the thickness of the 
segments nor the stiffness of the gaskets to the water pressure in the different areas along the 
tunnel section. 

The same standard was used for the entire tunnel section, instead of reducing the segment 
thickness and stiffness of the gasket in areas where lower water-pressure was expected. During 
installation, the stiff gasket on some segments may have been bent, and/or spalling may have 
occurred behind the gasket. This may have given small passages for water. In other areas, 
small fractures had occurred in the corners of some of the segments, which also opened for 
water to pass through. 

Another “waterway” through the lining was through the grout-ports. Already during the 
excavation process, the original sealing of the grout-ports didn’t prevent leakages, and the 
Contractor developed a new mechanical packer, made of the same material as the gaskets. 
The situation improved a lot, but 100% watertightness from all the grout-ports were not 
achieved. The packer is shown in Figure 5. 

The water, which had been in touch with the back-fill material, was high alkalic, with pH- 
values up to approximately 13. The alkalic water attacked installations of aluminum in the 
tunnel. 
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Figure 5. An EPDM mechanical packer, developed by AGJV. 


Experience also demonstrated the importance of completely avoiding leakages in the frost 
zones of the tunnel. During the winter, before the Contractor had finalized the instructed sys- 
tematic contact grouting in the frost zones, a period over 4 — 6 weeks with temperatures down 
to — 15°C, resulted in ice-building on the slab and icicles in the upper part of the tunnel profile, 
even though the leakages were very limited in the affected areas. This is shown in Figure 6. 


Figure 6. Icicles in the tunnel based on the limited leakages seen in the picture to the left. 


3 CONTROL OF THE WATER LEAKAGES 


3.1 Mitigations during the excavation 


Since the lining with the back-fill didn’t work as expected in order to stop leakages, it was 
obvious that the water pressure on the lining and the back-fill had to be reduced ahead of the 
TBMs during the excavation. 

The trigger values, which originally was based on the sensitivity for water leakages in the 
different areas, and an expectation that a leakage could be accepted for a short while until 
a complete lining with the back-fill was installed, had to be re-considered. 

Within all the areas, independently of the sensitivity of the area, the trigger values for start- 
ing pre-grouting were reduced drastically. This is illustrated in Figure 7. 

As soon as the new procedures with lower trigger values for starting pre-grouting were 
implemented, the problems with leakages were reduced, but not completely eliminated. After 
a while, the contractor achieved quite good routines for the performance of pre-grouting. In 
weeks where no pre-grouting was performed, the progress was between 120 and 140 meters. In 
weeks where pre-grouting was performed, the production rate was reduced to 40 to 60 meters, 
depending on the number of pre-grouting rounds to be performed. Taken the geological con- 
ditions into consideration, this progress was quite good, but in some areas, the result achieved 
from the pre-grouting could have been improved. 
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Blue = 1 probe hole. Read = 2 probe holes. Green = 3 probe holes. Purple = 4 probe holes. 


Little sensitivity High sensitivity 


Moderat sensitivity Very high sensitivity 


Figure 7. Development of trigger values for performance of pre-grouting in areas with different sensitiv- 
ity for reduction of pore-pressure and settlements. 


The number of holes bored in order to detect water ahead of the TBMs, and the orientation 
of the holes could have been more correlated to the known geological conditions. 

The Contractor did not utilize the opportunities to achieve an optimized quality of the pre- 
grouting umbrellas. The number of holes for the umbrellas did never exceed 20, even though 
it was possible to bore 38 holes from the TBMs. The more holes injected, the better quality of 
the umbrella. The location of the 20 holes were just distributed around the profile, instead of 
injecting more holes in the direction where the fracture zone would hit the tunnel, for instance. 
This could have reduced the water-pressure against the lining and the following ingress of 
water. 

36 km of tunnels were bored, and more than 7,6 km of pre-grouting were executed from the 
TBMs during the excavation of the tunnels. At least this demonstrated that pre-grouting is 
not an argument against the use of TBMs, but the performance should be tailor-made to the 
geological conditions. The distribution of the length of pre-grouting from the four machines 
are shown in the table below. 


Table 1. Amount of pre-grouting from the four TBMs. 
TBM! (north) TBM2 (north) TBM3 (south) TBM4 (south) Total 


Total length of excavation (m) 8.898 8.907 9.121 9.108 36.034 
Pre-grouting executed (m) 1.449 1.351 2.197 2.641 7.638 


3.2 Mitigations after the excavation 


After the break-through of the four machines, the lining of the tunnel was also supposed to 
be completed, but in some areas, there were still leakages, and leakages increased while the 
water pressure built up behind the segmental lining. The contract did not allow for any 
leakages into the tunnel, and the water, which was leaking in, was highly alkaline. Mitiga- 
tions had to be performed. 
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3.2.1 Detecting voids behind the lining 

In the Clients opinion, the incomplete ring gap filling, was one of the main sources for the 
majorities of the leakages into the tunnel. The challenge was to detect where the voids were 
located, which were necessarily not exactly where the leakages occurred. 

An equipment sending out sound with a specific frequent, and then measured the distribu- 
tion of the sound through the segments, back-fill material, and the rock behind, was used to 
identify the location of at least the major voids. This “echo-detection” of voids behind the 
lining was performed systematic at each fifth ring through both tunnels. 


3.2.2 Contact grouting and PU-injections 

When performing contact-grouting in order to fill voids behind the lining, material, normally 
cement-based, was injected in behind the segments under low pressure, in order to avoid dam- 
ages of the lining or movements of the rings. 

In the frost zones, in each end of the tunnels, systematic contact grouting was performed with 
quite good results. Sometimes, it was necessary to supplement with PU-injections, as well. In 
some areas, PU-rings were injected as barriers in order to prevent the water to flow over long 
distances behind the lining and causing out-wash of the back-fill material. In addition to the 
PU-rings, punctual PU-injections were also performed in areas where leakages still took place. 

Based on the results from the “echo-detection”, contact grouting, in combination with PU- 
injections, were performed in order to fill the identified voids. 

The results of the injections were based on whether water-filled voids had been successfully 
identified or not. In some areas, a lot of material, up to 70 m°, were injected in behind the 
lining, while it in other areas was hard to inject anything in behind the lining. In areas where 
material went in, the stop criteria was based on amount of material in, but the experience was 
that it should have been based on pressure instead. 


3.2.3 Other mitigations 

In areas where satisfied results were not achieved after different rounds of grouting, the Con- 
tractor introduced a solution where leakages from the segments joints were controlled by lead- 
ing the water within the joint, along the segment wall down to a trench on the slab, and from 
there into the drainage system. A rubber-profile was installed in the joints where leakages 
occurred. The water was allowed to flow behind this rubber-profile, but the installation pre- 
vented the water to drip on the railway installations. The aluminum installations in the tunnel 
were very sensitive against dripping of this high alkalic water. Figure 8 shows the rubber- 
profile which successfully was used in order to control water leakages from the joints. 


Figure 8. Rubber-profiles installed in the segments joints in order to control the flow of water. 


Another challenge was to stop the water leakages in the grout-ports. In most areas, the new 
mechanical packers, developed by the Contractor, worked quite well, but in some cases, 
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especially in the upper areas where voids in the back-fill probably occurred, it turned out to be 
difficult to stop leakages through the packers. Some of the packers were changed or cleaned 
with good results, but mostly, one or more rounds with injections were performed until leak- 
ages stopped. 


4 RESULTS AND LESSONS LEARNED 


In order to fulfill the water leakage criteria in the contract, the Contractor performed, with 
various intensity of resources during the period between break-through and delivery of the 
tunnels ready for operation of the railway, post-injections, both contact grouting and local 
PU injections, in addition to installation of rubber profiles. The insufficient focus on achieve- 
ment of a complete ring gap filling during excavation had to be paid back. 

For the entire tunnel-section, the leakages through the lining were measured to be approxi- 
mately 15 l/s right after the break-throughs for the TBMs. After the performance of all the 
leakage campaigns, the total amount of leakages in the tunnel were reduced to less than 2 I/s. 

To avoid or limit leakages during TBM-excavation of tunnels by using a single-shield lining, 
and in order to avoid problems in potential frost-zones, there are some important factors 
which should be taken into consideration for the planning and performance of new projects: 


e Make sure that all the involved parties have a good understanding of the geological and 
hydrogeological conditions 

e Stop, or limit the leakages by performing pre-grouting during the excavation, in order to 
avoid outwash of back-fill material and in order to reduce the water-pressure on the gaskets 
and grout ports afterwards. The TBMs must be well prepared for pre-grouting 

e A composition of the back-fill material which is resistant against high water-pressure 

e Tailormade gaskets for the expected water-pressure in the different areas. 

e Control of out-wash of back-fill material and routines for supplementary filling in order to 
avoid voids behind the lining. 

¢ The cement-based grout or back-fill may react with the water and become very alkaline, 
with a high pH-value. Alkaline water has an aggressive behaviour and may damage other 
components in the tunnel within short time 

e Special attention should be paid to potential frost-zones, in order to avoid leakages in 
those areas. 


Efficient reduction of water-leakages during excavation is an investment, which will nor- 
mally require less resources, time and money for controlling water ingress after excavation. 
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ABSTRACT: The Miyama Tunnel is a 768m double-track tunnel located on the 
Hokuriku Shinkansen Line (between Kanazawa and Tsuruga) and in the city of Tsuruga 
in Fukui Prefecture. The site has many active faults which could lead to sudden ground- 
water seepage. The tunnel is also near the Nakaikemi Wetlands, which are registered 
under the Ramsar Convention. This made the prevention of any lowering of the ground- 
water level a concern. Five measures were taken, to reduce any negative effects on the 
wetlands due to excavation. First, the route was realigned, based on the suggestion by 
experts. Second, watertight lining was applied to keep the groundwater level stable. 
Third, various measures were taken to shorten the time of construction. Fourth, exten- 
sive and continuous survey were conducted. Lastly, a water level recovery plan was cre- 
ated. No major effects on the wetlands have been observed but monitoring surveys are 
conducted to help maintain the wetlands. 


1 INTRODUCTION 


The Hokuriku Shinkansen Line is a high-speed railroad from Tokyo to Osaka via Nagano, 
Kanazawa and Obama. Its Takasaki-Nagano section (approx. 117km) began service in Octo- 
ber 1997 and its Nagano-Kanazawa (approx. 228km) section began in March 2015. Its con- 
struction implementation plan between Kanazawa and Tsuruga (approx. 125 km) was 
approved in June 2012 and now it is under construction. The Miyama Tunnel is a 768m long 
Shinkansen double-track mountain tunnel (excavation area was approx. 100 m2) located in 
the city of Tsuruga in Fukui Prefecture (Figure 1). This site has many active faults, and the 
tunnel is near the Nakaikemi Wetlands, which are registered under the Ramsar Convention 
for their unique history and ecosystem in July 2012, soon after the construction implementa- 
tion plan was approved. 

In this paper, we report the environmental conservation plans during the excavation of the 
Miyama tunnel, close to the Nakaikemi Wetlands, which are registered under the Ramsar 
Convention and regarded as important wetlands in the world. 
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Figure 1. Hokuriku Shinkansen Line and tunnel location map. 


2 ABSTRACT OF CONSTRUCTION 


2.1 Geological overview 


The site of the Miyama Tunnel is in the north-east of the Tsuruga plain and located about 
300m horizontally away from the Nakaikemi Wetlands. There are lowlands and hills 
(Figure 2), and its lowlands are called sediment-filled valley, which was formed by the sands 
and stones from the rivers that were stemmed by active faults. A peat layer extends about 40m 
from the surface in the center of the Nakaikemi Wetlands and it is very soft. 

The geology of this site is sedimentary complex of Mino-Tanba Belt and mainly consists of 
damaged mixed rocks. They are classified as irregular alternating sandstone-dominant layers 
containing sandstone and shale crust, alternating shale-dominant layers containing shale, sand- 
stone and chert and alternating chert-dominant layers containing gray-white chert, sandstone 
and shale. It is thought that the crushed parts were not damaged by active faults but original 
vulnerability exhibiting crush characteristic of accretionary complexes. They are distributed par- 
allel to the stratum, tilting to the Kanazawa side (Figure 3), Additionally, the groundwater level 
is generally 10 to 30 m below the surface and up to 70 m above the tunnel. Thus, both the safety 
and economy were required to deal with the complex change of the face where small fracture 
zones repeatedly appeared and the environment of underground with a high groundwater level. 
The working faces under excavation are shown in Figure 4. The excavation was started from 
the Tsuruga side, and it was 18 %o up slope toward the Kanazawa side (left side of the Figure 3). 


Nakaikemi Wetlands 


Mt. Tezutsu 
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Figure 2. Aerial photograph of the tunnel and the Nakaikemi Wetlands. 


2.2 Nakaikemi Wetlands 


The Nakaikemi Wetlands near the Miyama Tunnel is located almost the center of Tsuruga 
City and surrounded by three mountains: Mt. Tezutsu, Mt. Nakayama and Mt. Miyama 
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Figure 3. Geography of Miyama Tunnel (Shown route is that after realigned). 


Figure 4. Working face between 250m and 350m excavation. 


(Figure 1 and 5). They are sediment-filled valleys made by rives dammed up by active faults 
movements and diastrophism. They are registered under the Ramsar Convention in July 2012 
and regarded as important wetlands in the world. The convention requires to not only con- 
serve and reclaim wetlands but also wisely use them, considering wetlands as the base support- 
ing various ecosystem. The paddy field developments made various waterside environment 
and they have supported various vegetations and animals in the Nakaikemi Wetlands. The 
Nakaikemi Wetlands receives its water supply from Mt. Miyama, so sufficient care had to be 
taken to ensure that tunnel excavation under the wetlands would not interfere with the water 
supply. They are utilized by the “Nakaikemi village of interaction between people and nature” 
and many observation events for citizens are held. The local environment conservation groups 
and the government of Tsuruga city jointly maintain the wetlands. Their activities are mainly 
the surveys and exterminations of alien species and cleaning of the brooks so that they flow 


Figure 5. Overview of the Nakaikemi Wetlands. 
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smoothly. In addition to these groups, many individuals who engaged in agriculture here have 
also contributed to maintaining the wetlands. 


3 MEASURES TO PREVENTION 


As for the Ramsar site area including Nakaikemi Wetlands, it is an important environment 
protected by an international treaty. And once the water level in the wetlands dropped, it was 
difficult to restore it to its original condition, and even if the water level recovered, there was 
a concern that it would have a significant impact on the ecosystem. Therefore, available five 
measures were taken to reduce any negative effects on the area under the Ramsar Convention 
including the Nakaikemi Wetlands by the excavation and after it was finished. 


3.1 Realigning route 


The construction implementation plan of the Hokuriku Shinkansen between Kanazawa and 
Tsuruga was approved in June 2012. However, the Nakaikemi Wetlands are registered under 
the Ramsar Convention in July 2012 soon after the approvement. Therefore, the committee of 
Nakaikemi Wetlands environment subsequence investigation consisting of some experts on 
plants, animals and hydrology was established in November 2013 to estimate the effects by 
adopting the approved route. The committee was hold four times until March 2015 and dis- 
cussed on the route that reduces any negative effects on the Nakaikemi Wetlands and their 
surrounding areas as much as possible. The compared routes were the route approved in 
June 2012 (the approved route) and the route keeping the distance from the wetlands as much 
as possible and 150m away from the approved route and maximum 18m higher than it 
(Figure 6 and 7). In this comparison, three-dimensional permeation flow analysis was done to 
discuss the wetlands’ water level and the groundwater level of Mt. Miyama (area under the 
Ramsar Convention) that could be caused by the excavation. After the comparison and dis- 
cussion, neither the approved nor realigned route had negative effects on the water level of the 
wetlands. However, it was found that the estimated decrease of the groundwater level in Mt. 
Miyama in the area under the Ramsar convention was 5m and influenced 4 species if the 
realigned route was adopted while that was 15m and influenced 27 species if the assessment 
route. It was confirmed that the realigned route could reduce the impacts on the environment 
of the area under the Ramsar Convention (variety of species). From this data, we changed the 
route that was away from the Nakaikemi Wetlands, considering the height of the station plat- 
form and minimizing the fragmentation of the community. And the government permitted the 
construction of the changed route in May 2015. In addition to the above, the following four 
measures were also implemented in view of the importance of the Ramsar wetlands. 
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Figure 6. Plan comparison between approved route and realigned route. 
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Figure 7. Elevation comparison between approved route and realigned route. 


3.2 Watertight lining 


To prevent a drop in the groundwater level near the surface due to tunnel excavation, we 
installed the 2 mm thickness waterproof sheets (Figure 8). This causes groundwater pressure 
to act on the tunnel, which generates a large bending moment at the connection between the 
invert and the lining. In this case, a typical horseshoe cross section required a material thick- 
ness of 1,200 mm for the lining concrete. On the other hand, since inverts of circular cross- 
section has no corner, large bending moments are not generated. Therefore, the thickness of 
the concrete lining could be reduced to 450 mm (Figure 9). 


Figure 8. Installed waterproof sheet. 


Horseshoe Shaped Tunnel Circular Section Tunnel 
1200mm 
-pj 


Cross sectional Area (m2) Cross-sectional Area (m2) 
Excavation 1283 Excawation 1020 


Figure 9. Comparison between horseshoe shaped and circular section tunnel (Both are RC). 


3.3 Advanced boring test and shortening the construction time 


Since it was expected that the groundwater overflowed suddenly under the excavation, 
advanced boring test was conducted to collect the core (Figure 10). We tried gathering the 
information of the former ground condition as much as possible and grasping whether there 
could be a sudden overflow or layer containing abundant groundwater. The gathered informa- 
tion also helped us to keep the excavation site safe. 
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Since this tunnel will be a water-tight structure, drawing the most groundwater is during con- 
struction. Thus, the following four measures were implemented to shorten the tunnel excavation 
time (the total shortened was 21 months). First, a 68m long invert pier was installed to shorten 
the period of invert constructing and cycle time. This length was about two times as long as 
that of the normal pier (39m). The required time was about one-third of the normal and it 
saved 15 months because divided working process made it available to conduct simultaneously, 
and steps could be conducted at once. Second, hung by the pier and movable scaffolds are used 
for both installing waterproof sheet and assembling rebars. It saved the time of installing and 
removing the scaffold by 1.5 month. Third, pre-assembled rebars are used to reduce the time of 
assembling rebars (Figure 11). In this tunnel, over 400 rebars are required for one block of 
invert concrete. The time of using pre-assembled rebars was halved of normal rebars and saved 
3 months. Lastly, space for assembling rebars of lining concrete were placed to separate from 
that for installing waterproof sheet. Since the rebars of lining concrete was as dense as those of 
invert concrete, the required time was about three times longer than it of normal invert con- 
crete. In addition to that, installing waterproof sheet also took time because its thickness was 
2mm (normal sheet was 0.8mm thickness) and installing steps were different. Separating these 
two places was required to shorten the time of construction and saved 1.5 month (Figure 12). 


Figure 10. Scene of conducting an advanced boring test. 


Figure 11. Scene of assembling rebars. 


3.4 Extensive and continuous survey 


Since conserving the environment and carrying out the construction smoothly and properly 
were required, the follow-up committee on monitoring the effect by the Hokuriku Shinkansen 
construction around the Nakaikemi Wetlands (the follow-up committee) consisting of individ- 
ual field experts was established in November 2015 to discuss on the contingency and its meas- 
ures and estimate the effects properly. The committee suggested to develop the environment 
management plan if there could be possibilities of giving the negative effects on the wetlands 
under the Ramsar Convention by the construction, so the concrete measures were discussed. 
Though we already changed the route avoiding and reducing the negative effects on the 
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Figure 12. Scene of separating by installing machines of equipping assemble spaces. 


wetlands, we developed the environment management plan and kept the necessary survey. We 
also made clear the precautionary and emergency measures during the excavation and decided 
to conduct every necessary environment conservation plan. Hence, the plan aims to avoid and 
reduce the negative effects on the Nakaikemi Wetlands and determined the basic policy and 
concrete measures to achieve them. The results of the monitoring surveys are evaluated in the 
committee and additional conservation measures are planned and conducted. The monitoring 
points of the amount of water were set to observe the water flow inbound and outbound the 
wetlands and the habitat of species such as fireflies. The points of water level were decided to 
check the level of the wetlands and around the construction yard of the tunnel. The summary 
of the committee is open access on the Internet and the stakeholders can tell their opinions to 
the committee. 

The monitoring survey on hydrology has been conducted to deal with the effects by the 
excavation 4 years before it was started. We also established the real-time system that could 
automatically monitor the flow volume and the level of water where they changed immediately 
if the excavation caused the effects on the wetlands. From the point of the monitoring of ani- 
mals and vegetations, we have conducted the continuous survey of some important creatures 
that are unique to the wetlands, in addition to the other creatures we had surveyed before the 
committee (Figure 13). Staff goes to the wetlands everyday to check some fixed points’ envir- 
onment and the level of water in order to report immediately if an unusual event was observed 
during the excavation. There were three statuses: the normal, careful and emergency. If we 
found the abnormal data of water levels, we moved to the careful status and increased the 
number of times of observations. If we detect the decrease of the wetlands’ water level, we 
moved to the emergency status and stopped the excavation to restore water or secured alterna- 
tive water resource. The other new measures could be reflected in by the committee if it 
detected some concerns on these surveys. 
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Figure 13. Lists of index species. 


2002 


3.5 Water recovery plan 


Under the excavation, mountain spring water was discharged after it was purified in a turbid 
water treatment plant. Since the complex changes of geography and the emergence of small 
crushing belt zone were expected, the drastic decrease of water level in the wetlands was pre- 
dicted. As a temporary measure to restore the water level, we planned to quickly secure the 
water level by pumping up water from the river that originates in Mt. Naka (Figure 14). This 
plan was going to be carried out in case the wetlands’ water level decreased and had negative 
effect on the species. If it was needed, it was planned to conduct water quality analysis and 
pay attention to the contamination of species that adversely affect the ecosystem. 


Nakaikemi 
Wetlands— 


Figure 14. Pump and pipe for water recovery. 


4 RESULT AND CONCLUSION 


The excavation was started in January 2019 and finished in August 2020. Since we grasped the 
inside of working face and chose the proper supplementary constructing method, it was con- 
ducted safely without the collapsing of the working face. 

The level and amount of water is decreasing in the points near the tunnel during the excava- 
tion (Figure 15). For example, the radical decrease of water level (maximum of it is 10m) is 
observed in point A though it is still higher than the tunnel elevation (Figure 16). Since there 
were no significant changes in precipitation in the surrounding area before and during excava- 
tion, and the amount of water that flowed from the tunnel during the excavation period, it is 
inferred that the groundwater level in Mt. Miyama decreased with the excavation. The water- 
tight equipment has been ready, and no water has flowed in the tunnel since 2021 August, but 
there is no sign of recovery as of August 2022. The amount of running water in the stream 
near the tunnel’s exit of Tsuruga direction increased compared with that before the excava- 
tion. It is thought that water flow in the mountain was changed because the ground near the 
tunnel became softer and has more voids due to the excavation. On the other hand, the level 
and amount of water in the wetlands are not changed due to the excavation. (Figure 17). The 
water recovery plan was not carried out because the decrease of water level was not serious, 
and the stakeholders advised that the artificial measures had to be avoided as much as 
possible. 

As for the index species, the number of Heike firefly and Chara Braunii outside the wetlands 
decreased because the amount of water from Mt. Miyama decreased in some points. Installing 
the alternative water resource is going to be discussed in the follow-up committee. On the other 
hand, the number of some spices decreased but it is because other factors, such as the invasion 
of alien species and environment change due to the fallow of agriculture, and the decrease was 
not observed in the most spices. 

Thanks to these five measures, the dropping of the groundwater levels and the change of 
water flow in Mt. Miyama were observed but it is recovering little by little and no direct 
negative effects on the wetlands 300m away from the tunnel was confirmed, so the 
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construction was finished with the limited impacts on the wetlands. Since the member of the 
committee pointed out that it could take a lot of time to recover the groundwater level 
before the excavation, we continue to pay close attentions to the results of the groundwater 
level and the monitoring on the animals and vegetations and conserve the environment of 
the wetlands. 


Area under Ramsar Conwerttion 


Figure 15. Point of water survey and results. 
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Figure 17. Water level change in Point B. 
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ABSTRACT: Vishnugad-Pipalkoti HE Project(444MW) is under construction on Ala- 
knanda River in Distt Chamoli, in the state of Uttarakhand. This Project will generate 444 
MW Power by installing four turbines of 111MW each. The central feature of this project is 
its 13.5Km long headrace tunnel with an 8.8 m finished diameter. Out of its 13.5 km 
length,12.3 km is to be bored by using a double-shield TBM of 9.86 m diameter and the 
remaining 1.2 km to be bored with the help of DBM. The present authors want to highlight 
the issues and challenges faced during transportation and installation of the TBM and the uni- 
versal geological surprises faced by the working team after starting the boring and the remed- 
ial measures adopted, therefore. The paper also discusses the analysis and design of the large- 
sized adit bored in the extremely poor rock conditions and the innovative measures under- 
taken for its construction. 


1 INTRODUCTION 


1.1 Overview 


Vishnugad Pipalkoti HEP with the installed capacity of 444 MW is one of the major ongoing 
Hydro Electric Projects envisaged to harness the huge potential of river Alaknanda. The Pro- 
ject shall utilize about 240 m of water head of the Alaknanda River, available in a stretch 
from Helong in Upstream to Birahi in Downstream. It is a Run-of-the-River (ROR) scheme 
using a diurnal storage (Figure 1). The annual energy generation from the project is estimated 
to be about 1813 MU. The main components of the project are: 


e Concrete Gravity Dam of 65 m heigh with four under sluices for passing 8004 cumecs of 
flood discharge. 

¢ Three Power Intakes followed by 03 Desilting chambers each with a size of 390 m (L) 
x 20 m (W) x 17.5 m (H). 

e One Head- Race- Tunnel of 8.8 m finished diameter and 13.5 Km length, to be bored with 
the TBM and DBM methods. 

e An underground Machine Hall sizing 146 m (L) x 20.3 m (W) x 50 m (H). 

e An underground Transformer Hall measuring 142 m (L) x 16 m (W) x 24.5 m (H). 

e An underground Surge tank measuring 120 m (L) x 16 m (W) x 35 m (H) 

e One Tail Race Tunnel of 8.8 m finished diameter and 3.07 Km length. 
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1.2 Vishnugad-Pipalkoti headrace tunnel 


One of the time-consuming activities in any hydropower scheme is excavation of the headrace 
tunnel (HRT) and its eventual lining. This is generally true for the hydropower schemes with 
headrace tunnels expanding in kilometres. 


Figure 1. General layout and 3D view of Vishnugad Pipalkoti Project in Uttarakhand, India. 


Figure 3. Cross-sectional details of adit and DBM adit portion of TBM adit. 


The Tunnel Boring Machine (TBM) has to be used, to bore the tunnel in order to complet- 
ing the excavation and lining in a calculated time. Parallelly, the number of adits, otherwise 
required, accessing the HRT decreases in number. The project under discussion is “The Vishnu- 
gad- Pipalkoti -Tunnel” is the part of the 444 MW Vishnugad Pipalkoti Hydro Electric Project 
(VPHEP) presently under construction, is located on river Alaknanda, Uttarakhand State of 
India. It plans out an excavation of a 12.3km of headrace tunnel using the Double Shield Unit 
Rock Terratec TBM. The HRT is proposed to be bored from the surge shaft end of the HRT 
and will move up the slope towards the Dam-site end of the HRT. The owner is “Tehri Hydro 
Development Corporation India Limited” (THDCIL), and the World Bank is the financer. 
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The TBM has already been transported to the site and fixed at the site-location. It is 
expected to start boring, any day, in its full swing. Figure 1 above shows the Project layout 
and location of the project, and the following Table 1 summarizes the geometrical characteris- 
tics of the TBM tunnel. 


Table 1. TBM tunnel geometrical characteristics. 


Length by TBM 12.300 m 

Tunnel Slope 1: 321; 1: 131 

Tunnel cover Minimum: 50 m Maximum: 825m 
Typical section Precast lining 8.8 m Dia 


2 GEOLOGY ALONG THE TUNNEL ALIGNMENT 


The TBM will execute excavation entirely inside the Pipalkoti geological unit. This unit con- 
sists mainly of Dolomitic Limestone (with minor slate interbeds) and Slate (with occasional 
bands of dolomitic limestone) making up about 33.3% and 64.1%, respectively of the12300 m. 
The Dolomitic Limestone formation is characterized by the following distribution of classes 
and rock strengths: 44% and 56% in RMR classes II and III, respectively; 51% very strong, 
23% strong, 16% moderately strong. The Slate formation is characterized by the following dis- 
tribution of classes and rock strengths: 74% and 26% in RMR classes II and III, respectively; 
21% very strong, 64% strong, 15% moderately strong. 

Along the tunnel are foreseen several critical geological sections: one 150 m long “thrust 
zone” in dolomitic limestone (Tapovan thrust) under shallow cover; five shear zones, each 
max. 50 m long (total length of 200 m); and three fault zones, each max. 30 m long (total 
length of 70 m). These zones, although limited in the total length (320 m, 2,6% of the tunnel), 
will represent the most critical sections by presenting weaker properties and by being associ- 
ated with local groundwater inflows. Figures 4 & 5 and Table 2 summarize the foreseen seis- 
mic data at TBM adit, geological profile along the tunnel geological data. 
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Geological Profile 1/2 


Geological profile 2/2 


Figure 4. Geological profile along the head race tunnel alignment. 
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Figure 5. Seismic profile near TBM adit location. 


Table 2. Tunnel geological data. 
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3 TBM TRANSPORTATION, CONSTRUCTION OF LAUNCHING ADIT CAVERN, 
AND ERECTION 


3.1 Transportation of TBM to site 


Transportation of such a large-diameter TBM to the project site was itself a very tough task 
(Figure 6). More than 132 containers having different parts of TBM had to be transported to 
the site 225km away from Rishikesh yard. Some 8-10 transporting agencies having long 
trailers for this purpose were engaged. Transporting material in such a hilly terrain was very 
difficult as some of the stretches were very narrow and for safe passing the trailer JCB, hydra 
cranes and loading equipment’s were kept ready to coup with any eventuality. Special care 
was taken of the 6-7 numbers of heavy containers out of these 132 containers. 


Figure 6. Transport of TBM parts to VPHEP site. 
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In spite of such precautions, one container carrying bearing of a cutter- head got slipped on 
road while transporting. And being a delicate part, the same was, first, transported to Tehri 
workshop of THDCIL; and then after a thorough fitness- checking, was further transported 
to VPHEP TBM site. Trailer movement was not allowed in the daytime as the highway 
remained occupied by the vehicles used in the Char Dham yatra, boarder supplies and con- 
tinuous military convoy movement for boarder areas. Consequently, it took more than 3 
months to transport the TBM parts to the site. 


3.2 Construction of the launching adit 


The HRT is to be approached by an adit having similar cross-section. In the initial reaches of 
the TBM adit, the geology was found to be extremely poor consisting of Clay with Quartzite 
Boulders. Thus, it was proposed to construct the adit by drill and blast Method (DBM) till 
the proper geological strata was encountered for launching the Double Shield Unit (DSU) 
Tunnel Boring Machine (TBM) from that point onwards. This DBM stretch of the adit was 
worked out to be about 50m inside the hill based on Geological and Geophysical tests carried 
out in this area. After weighing various options of supporting the adit, it was decided to 
design the adit as a shell structure consisting of Self Drilling Anchors and Lattice Girders 
embedded in 350 thick SFRS layer. The design was executed ensuring availability of SFRS 
shell at all intermediate stages of excavation of the adit. The adit was designed to be excavated 
in three stages; each heading of 7m was followed by benching of the remaining portion of the 
tunnel cross-section in two benches. The excavation of the heading was achieved by support- 
ing the crown by a 114mm diameter pipe roofing. The face was kept in stable condition by 
FRP bolts/SDA anchors along with facial SFRS. The deflections at the crown and the invert 
of the adit were kept under permissible values with the type of arrangement provided above. 
The 114mm-dia pipe roofing were intuitively installed with the help of one arm Boomer, by 
adding an attachment to hold the pipe roof and its drilling- bit. This saved us the cost of 
costly equipment normally required for putting in place a large diameter pipe- roofing. The 
heading was achieved at an average rate of about 20m per month. The Benching work was 
taken up after extending the side lattice girders and spraying SFRS as per specifications. After 
completion of the excavation work, in-situ, 20m long RCC lining was fixed near the face of 
the TBM adit for launching the Tunnel boring machine. 
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Figure 7. Adit cross-section (see also Figure 3) with excavation stages and discretisation, boundary con- 
ditions and stages of excavation. 


Figure 8. Construction of adit. 
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3.3 TBM erection 


After having the entire TBM at the site, erection of TBM started at the TBM launching pad 
constructed near Haat village. Suitable cranes, viz TATA 955, Cole’s crane, Hydra cranes; 
loading equipment’s, rail tracks, skilled manpower and expats were mobilised to the site for 
erection of the TBM. Entire TBM system got erected within a scheduled time of 3months and 
all the components/units got checked properly. Then the conveyor and other arrangements 
were also installed to make the TBM operational and a cutter head with all cutters fitted in 
place. Pictures show the erected TBM ready to start boring. 


Figure 9. Erection of TBM components. 


4 FAILURE OF TBM LAUNCHING CAVERN 


After erection of the TBM, it was pushed inside the adit cavern by way of placing below the 
bottom- precast- segment and rail lines. After taking the cutter head 50m inside, near the face, 
the boring started by mobilizing the cutter head. Initially it went up to 7m and muck came out 
through conveyors as per the plan. The entire team was very happy on this success. However, 
suddenly, we observed that several big, isolated boulders of more than 1m3 size were hitting 
the cutter head with a lot of noise. The Technical team had to open the shutter on the cutter 
head and found that so many big sized boulders had stockpiled in front of the cutter head. It 
was decided with the client’s technical team and the expats that we stopped the boring and 
took remedial measures to clear the boulders from the face. 


Figure 10. Pushing of TBM and failure of adit launching area. 
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5 RECTIFICATION OF FAILURE OF TBM ADIT 


It was decided to immediately rectify the TBM adit by inviting proposals from the specialised 
agencies and the other TBM parties available in India. It was a huge in-house mind-boggling 
exercise, to overcoming the critical situation. Proposals given by the specialised agency were 
very expensive. Therefore, the design-team of THDCIL, HCC and the consultants decided to 
construct an additional bye pass adit to reach the face to clear the boulders and strengthen the 
face and the crown. One bottom adit, through surge shaft access adit, was also suggested to 
reach the centre of the TBM adit to know the exact geology of the zone, so that the TBM 
could be started at the earliest obviating all uncertainties in the operations, conforming with 
a planned progress of 15m per day and 450m in a month. 
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Figure 11. 


Figure 12. Rectification of failure of adit cavern. 


6 CONSTRUCTION OF ADDITIONAL BYE-PASS ADIT AND BOTTOM ADIT 


In a high-level meeting, it was decided to construct an additional by-pass adit (ADA) just 
above the present TBM adit and a bottom adit through the access adit for surge shaft, to 
reach the location ahead of TBM cutter head at RD140m. Figure 13 shows the bottom adit 
and ADA locations. With the help of the additional bye pass adit, we could reach the face and 
could clear the damaged pipes used in fore -poling and boulders assembled in front of the 
cutter head. It was followed by the treatment of the face by using chemical- grouting with 
microfine cement and colloidal silica and thus restored the face. The entire strata was RBM 
only, with layers of sand surrounding it. A lot of seepage was also observed at the face and 
proper dewatering system was adopted to take out the water. 
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After strengthening the ADA face and the crown, the bottom adit excavation work started 
in full swing to reach at RD140m of the 200m weak strata reach of the TBM adit. Luckily, we 
noticed that at the junction of the bottom adit and TBM adit at RD140m, a soft rock was 
encountered in place of the RBM strata. At this place we tried upon 2 faces and continued 
strengthening them both ways at crown using forepoling with 114mm-dia pipes. Maximum 
focus was given to the face towards the TBM cutter-face area, and finally maximum length of 
the TBM adit toward TBM cutter was completed. TBM adit is now almost ready to restart 
the TBM, and we hope that this time it will be a successful journey as planned towards com- 
pletion of the HRT within 24 months. 

For the remaining 1.2 km length proposed to be excavated by drill and blast from dam site area, 
we have already completed the same and till we set to the TBM again, we are moving ahead with 
the help of DBM in the battery limit of TBM tunnelling area adhering to the instructions of clients. 


Figure 13. Construction of additional bypass adit and bottom adit. 


7 CONCLUSION 


Himalayan geology is unpredictable, and some experts are of the view that TBM tunnelling is 
not viable in this region. But the VPHEP team has learned a lot from this set -back and is now 
all set to start the TBM boring in the coming days. We had succeeded in Kishan Ganga Pro- 
ject where similar geology was encountered for boring a 14km long stretch with the TBM, and 
our team successfully completed the same. With this hind experience, we recommend that 
before starting any TBM project in the Himalayan region one must focus on the following 
points: 


. Proper investigation of rock geology and mapping of the area. 

. Logistics of the area and condition of access roads 

. Arrangement of specialised manpower 

Installation of equipment’s with automation and developing casting yards and areas for 
stockpiling 

Training of working crews 

. In- house innovations based on site conditions 

. Proper cooperation and coordination of clients, contractor, and consultants 

. Teamwork with full focus on project -completion. 
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ABSTRACT: Snowy 2.0 is a major hydro power project currently under construction in 
Australia. This new development aims to increase the capacity of the existing Snowy Moun- 
tains hydro power scheme by 2000 MW, making it the largest source of renewable energy in 
Australia and one of the largest pumped-storage projects in the world. The exceptional size of 
the Power Station Complex, situated at about 720m depth under significant in-situ stresses, in 
sedimentary rocks of fair to good resistance represented a major design challenge. This article 
presents the main features of the Snowy 2.0 Power Station Complex (PSC) project, in particu- 
lar the geological context and the general layout of the PSC. It focuses on the methodology 
adopted for the definition of the design criteria, with the absence of relevant code or standard 
for the design of large deep underground caverns under high stress conditions. These criteria 
concern mainly (i) the stability analysis of the rockmass surrounding the excavation, including 
the stability of the rock pillars at the centre of the Power Station Complex; and (ii) the design 
of the rock support composed of fully grouted rockbolts, shotcrete and wiremesh. 


1 GENERAL CONTEXT 


Snowy 2.0 is a pumped-storage hydro project that will generate 2000 megawatts in order to cover 
the peak demand of the network connected to the Snowy Mountains Scheme. The project links 
two existing reservoirs, namely Tantangara and Talbingo reservoirs, through around 27 km of 
tunnels and an underground Power Station Complex (PSC) at around 720 m depth (Figure 1). 

During low demand hours, the excess of generated energy will be used to pump back the 
water from the lower reservoir (Talbingo at the western part of the PSC) to the upper reservoir 
(Tantangara at the Eastern part of the PSC), ensuring the storage of hydro-energy for peak 
demand hours. Emptying the upper storage reservoir from its full capacity to Full Supply 
Level could provide approximately 350 GWh of energy. 

The project is commissioned by Snowy Hydro Ltd, the owner and operator of the emblematic 
Snowy Mountain hydroelectric and irrigation scheme. The project construction was appointed to 
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Future Generation, a Joint Venture between Webuild (formerly Salini Impregilo), Clough and 
Lane Construction, under an Engineer, Procure and Construct (EPC) contract. Tractebel, together 
with partners, were contracted by Webuild to develop the design of the civil works and Voith 
Hydro to design and procure the electro-mechanical equipment. Within the civil works design con- 
sortium, Tractebel is in charge of the design of the Power Station Complex. 

The Power Station Complex (PSC), is an underground powerhouse housing six Francis revers- 
ible pump-turbines which can operate both in turbine and pumping modes, includes the following 
structures: Two main caverns: the Machine Hall (MH) at the eastern part of the complex and the 
Transformer Hall (TH) at the western part, Six Busbar galleries (routing the connection cables 
between the generation units and the transformers) and Six Draft Tubes tunnels (Figure 2). Other 
tunnels surround the caverns for waterway, main access, ventilation, emergency egress as well as 
construction. The Machine Hall (MH) and Transformer Hall (TH) typical excavation cross sec- 
tions are shown in Figure 3. The maximum length, width and height of the MH are about 250 m, 
32 m and 52 m respectively, and for the TH these are about 220 m, 20 m and 46 m respectively. 
The sidewalls of the MH are curved, while those of the TH are vertical. The distance between the 
two caverns is about 60 m. The 6 Busbar galleries are perpendicular to the longitudinal axes of the 
MH and TH. The distance between two adjacent Busbar galleries is between 18 m and 19 m. The 
Busbar galleries are 10 m wide and ~14.5 m high. The Draft Tube tunnels are ~ 6 m wide and 
~6.5 m high. Two main tunnels (Main Access Tunnel -MATO1I and Egress, Cable and Ventilation 
Tunnel - ECVTO1) provide permanent access to the PSC. Both are excavated from the surface 
with TBM of ~10 m diameter. From these tunnels, Drill & Blast (D&B) construction tunnels are 
carried out for the excavation works of the caverns. 


Figure 1. Snowy 2.0 — Project location (left) and alignment (right) Ref: Snowyhydro.com.au. 
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Figure 2. Power Station Complex (in blue) - General Layout. 


2 GEOLOGICAL CONTEXT 


Three Geotechnical Investigation Programs including drilling for a total of 9 vertical and 
inclined boreholes (total length of ~ 8000 m) were carried out in 2019, 2020 and 2021 in order 
to assess the geological and geotechnical conditions at the PSC location. 

The project area is situated within the south-eastern portion of the Lachlan Orogen (Fold 
Belt) of New South Wales (NSW), which comprises a suite of early Paleozoic Era (550-350 
Million years ago) sedimentary, igneous and metamorphic rocks that have developed during 
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Figure 3. Power Station Complex cross-section. 


several orogenic periods. These periods are associated with extensive faulting and have 
formed major geological structures through the area. 

The Power Station Complex is situated at a depth of about 720 m below ground surface in 
the Ravine Beds Formation (Figure 4). The main lithology consists of interlaminated to inter- 
bedded siltstone/sandstone. Siltstones are predominant. 

The rockmass is considered impervious with an average permeability of approximately 10° 
m/s. The presence of the drainage gallery contributes to decrease the pressure heads acting 
around the caverns. 

The main geo-mechanical parameters considered in the development of the design are given 
below: 


— In-situ stress: the in-situ stresses were defined from overcoring and hydro-fracturing/hydro- 
jacking (HF/HJ) tests carried out from the surface. The vertical stress at the location of the 
PSC is around 20 MPa, i.e., which corresponds to the overburden. The major stresses are 
horizontal, with average values of Ky, and K, of 2.3 and 1.5 respectively. 

— Unconfined Compressive Strength of the intact rock (UCS): The main parameter governing 
the UCS value is the lithology. The siltstone being predominant, an UCS characteristic 
value ~ 60 MPa was adopted. 

— Geological Strength Index (GSI): The GSI was evaluated from the observation of the bore- 
holes at the PSC area. Based on the statistical analysis, the average GSI value is equal to 72. 


Other parameters such as intact rock modulus (Ei), Poisson ratio and mi were estimated to 
be 35 GPa, 0.25 and 8 respectively. 

The joint sets consist of two main families: (i) the bedding joints, almost sub-horizontal, 
strongly prevalent, spaced approximately every 2 m, and (ii) tectonic joints, almost subverti- 
cal, more widely spaced. The two joint sets include pre-sheared joints with low friction angle 
(25° to 30°) spaced approximately every 10 to 20m. The joints are generally closed. The pre- 
sheared joints (bedding or tectonic joints) are considered weakness planes. A structural 
model’s scheme of the rock mass is given in Figure 4. 


3 ROCK SUPPORT CONCEPT 


The rock support concept takes into consideration that the overall stability of the caverns is 
achieved by a significant participation of the rock mass in the stress redistribution process around 
the excavation. In other words, the rock surrounding the excavation is the main load bearing com- 
ponent, supporting itself. The resistance and load bearing capacity of the rockmass surrounding 
the excavation must be maintained with a minimum disturbance due to the excavation. This resist- 
ance is preserved by adding fully grouted rockbolts, creating a “stable reinforced rockmass” at the 
crown and walls of the caverns by stitching its joints or cracks. The lining consists of a Steel Fiber 
Reinforced Shotcrete (SFRS) strengthened and made more ductile by wire-mesh reinforcement. 
The shotcrete supports the rock mass to maintain its cohesion over a limited depth and 
acts as a “bridge” between rockbolts. It ensures a local structural support between the 
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Figure 4. From left to right: Snowy 2.0 Power Station Complex - Geological Profile; Structural Model’s 
Scheme of the Rock Mass. 


rockbolts providing confinement and resists to local failures of small blocks that could fail 
from the excavation walls. The support system will finally bring confinement to the ground, 
by allowing the rock mass to deform and holding the rock wedges. The rock support shall 
therefore follow the ground and be ductile enough until the rock mass equilibrium is reached. 
Thus, the rock support is composed of the following (Table 1): 


— A primary support, composed of fully grouted rockbolts and a first layer of fibre reinforced 
shotcrete (and wire-mesh whereby deemed appropriate). The primary support is installed 
immediately after the excavation, ensuring mainly the safety and short-term stability. 

— A secondary support, composed of fully grouted rockbolts and 2 layers of fibre reinforced 
shotcrete, installed only afterwards, to minimize their deformation, taking into account the 
working range of the equipment available and the existing safety regulation. The secondary 
support is designed to ensure the long-term stability. 


Table 1. Rock support of the caverns of Snowy 2.0. 


Component 


Primary support 


Secondary support 


Fibre Reinforced Shotcrete 


Wire-mesh 
Rockbolts 


SFR, fe > 40 MPa 

100 mm (1 layer) 

If required 

CT26WR (®26.5 mm) 

grade 950/1050 MPa 

crown L = 7m, @ 1.6m x 1.6m 
sidewalls L ~ 8 m, @ 2.0 x 2.0m 
rockbolts installed after excavation 


rockbolts grouted after excavation 


(*) The stage or bench height is around 4 m. 


4 GENERAL DESIGN APPROACH 


SFR, fe > 40 MPa 

200mm (in 2 layers) 

1 layer 

CT26WR (26.5 mm) 

grade 950/1050 MPa 

crown L = 8m, @ 1.6m x 1.6m 
sidewalls L ~ 12 m, @ 2.0m x 2.0m 
rockbolts installed one stage after 
excavation (*) 

rockbolts grouted three stages after 
excavation (*) 


As the main support element of the caverns is deemed to be the rockmass itself, as such it is 
crucial to fully capture its behaviour during the excavation. The rockmass is expected to suffer 
the following stresses and loading: 


— high compressive stresses mainly in the rock pillars between the two caverns and between 
the busbar galleries. 

— brittle failure of intact rock due to high stresses — in comparison to measured intact rock 
strength. 

— shear displacements along existing discontinuities (mainly the weak pre-sheared bedding 
joints) that may undermine the effectiveness of rock support installed across them. 
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— instabilities of local wedges defined by the geological joints. 


Once the conceptual model of the rockmass is developed and after a preliminary dimensioning 
of the rock support, the design is subjected to a verification articulated in three successive phases. 

The first phase consists of an analysis of the global behaviour of the rockmass with 
a special focus regarding the rock pillars stability item. This analysis is based on two different 
3D numerical models. The first model is implemented via FLAC3D where the rock mass is 
modelled as a continuous medium (Figure 5). This method allows to calculate a global safety 
factor for the stability of the rock pillar. The second model is implemented using 3DEC where 
the rock mass is modelled as a discontinuous medium, to assess the displacements of the rock 
mass along the main joints surrounding the caverns. 

The second phase of the design verification analyses the rock supports in terms of performance 
and durability, taking into account the effective construction sequence as well as the main discon- 
tinuities in the rockmass. The objective is to verify the strain compatibility between the rock sup- 
ports and the rockmass displacements. This phase involves the development of a refined 3DEC 
numerical model of the whole PSC complex, including the caverns, the busbar ducts, as well as all 
the surrounding tunnels. Other than the main geological discontinuities and the effective construc- 
tion sequences, the totality of the rockbolts are explicitly modelled (Figure 5). 

Finally, the third phase of the design verification consists of the stability analysis of the 
rock wedges — defined by the joint sets - around the excavations. This was performed with 
UNWEDGE software considering at first a deterministic approach, considering the character- 
istic values of the joint sets dip and dip direction, then a probabilistic approach, in which the 
dip and dip direction of the joint sets are randomly sampled with the Monte Carlo method. 

During the construction, the design assumptions will be confirmed or adjusted with regards 
to the investigations & observations that will occur on site, also known as the “observational 
approach” during construction. The main objectives of the observational approach are (i) to 
confirm or update the geological conditions; and (ii) to provide design adjustments if the 
actual conditions are differing from the expected design scenarios. 
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Figure 5. From left to right: FLAC3D model; 3DEC model where the rockbolts are explicitly modelled; 
Wedge analysis with UNWEDGE. 


5 DESIGN CRITERIA 


Relevant Code or Standard do not exist for the design of large deep underground caverns as 
the geological and geotechnical conditions govern the stability. Specific design criteria, com- 
patible with the overarching principles of the codes and standards, were therefore defined. 
The retained design criteria covered four technical issues: 


— General rockmass behaviour; 

— Rock pillars stability; 

— Performance and durability of the rock support; 
— Rock wedge stability. 
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5.1 General rockmass behaviour- caverns convergence 


To assess the global stability of the excavations a total-stress strain analysis was carried out 
throughout 3D numerical or analytical modelling for typical sections. The model results 
allowed to verify that the rock mass behaviour and the range of displacements were consistent 
with the retained rock support. 

In the present case, the global convergence of the cavern and the busbar galleries reinforced 
by rock support shall be limited to approximately 1% of the span/height. This design criteria 
results in fact from the well-known guidelines proposed by Hoek & Marinos (2000). Regard- 
ing the stress pattern, it is difficult to define design criteria as the rock mass around the PSC 
behaves as a hyper-static system. Indeed, when the rock mass is over-stressed, stresses are 
redistributed without generating automatic failure. 


5.2 Rock pillars stability 


The stability of the rock pillars between the two caverns - MH and TH - and between the 
busbar galleries was one of the major issues encountered during the design of the PSC, being 
given the high in-situ stresses. Indeed, the redistribution of the stresses released by the excava- 
tion overstress the rock pillars in-between the two caverns leading to their local weakening or 
yielding. The dimensions of the rock pillars directly affect the overall stability of the Power 
Station Complex. In this context, an orientation of the longitudinal axis of the caverns at 
around 45° of the major horizontal stresses turned out to be the optimum to reduce the plasti- 
cisation of the rock pillars. One difficulty of the design was the absence of globally recognized 
procedure for determining the Factors of Safety (FoS) for the stability of the rock pillars. 

First, empirical approaches were carried out for the rock pillar stability assessment. Differ- 
ent databases and guidelines — mainly developed for mining industry — are available on rock 
pillars stability: Bieniawski (1992), Lunder & Pakalnis (1997), Von Kimmelman et al. (1994), 
Martin & Maybee (2000), Dressel & Diederichs (2021). Those approaches estimate an accept- 
able behaviour of the rock pillar considering two parameters: 


— The ratio between the average elastic vertical stress in the rock pillar and the strength of the 
intact rock (UCS); 
— The ratio between the rock pillar width -W - and the pillar height - H. 


This first approach suggests an acceptable behaviour of the rock pillar for a ratio W/H 
equal to approximately 1.25. 

These empirical approaches are interesting in providing a first assessment. Detailed numer- 
ical analysis were developed to estimate the yielding extension of the rock pillar and to calcu- 
late a Factor of Safety. The Factor of Safety (FoS) corresponds to the ratio between the pillar 
maximum strength (S) to the actual pillar stress (op), as follows: FoS= S/oy. The pillar stress 
(Gp) is calculated as the vertical stress at the end of the excavation phase on a horizontal pillar 
section and the pillar strength (S) is evaluated as the maximum vertical stress mobilized by the 
pillar before failure. This value is calculated by a progressive overloading introduced in the 
model. In this process, the ultimate strength of the rock pillar is reached when the overall 
strength starts to decrease leading to a major redistribution of the stresses around the two cav- 
erns. The factor of safety is calculated on the active area of the pillar — the core assumed to be 
1/3 of the total area. The retained acceptable FoS was taken equal to 1.3. 


5.3 Performance and durability of the rock support 


The rockbolts are essential elements to create a ‘stable reinforced rockmass’ around the excava- 
tion. They shall be ductile enough to move with the rockmass to its new equilibrium state. Dis- 
placement of the rockmass under these high stresses is likely to locally yield the rockbolt, in 
tension but also in shear when crossing weak existing joints. Rockbolts are verified for their struc- 
tural integrity and durability. The long-term protection of the rockbolts is ensured by a “double 
corrosion protection” system, composed of HDPE sheath around the bar and grouting of the gap 
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Figure 6. Lunder database (1994) with revised mechanistic limits (Dressel & Diederichs, 2021). 
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Figure 7. From left to right: Factor of Safety for pillar stability interpretation based on numerical simu- 
lation; Area considered for the calculation of the Factor of Safety (FoS). 


between the rockbolt and the borehole. Tests were required to confirm the maximum elongation 
at ultimate tensile strength before necking (Ax) and the allowed shear displacement to ensure the 
plastic sheathing integrity and therefore the protection against corrosion. In conclusion, the fol- 
lowing design criteria for the rockbolts were specially defined: (i) Maximum elongation strain: 
2.5% for the primary rockbolts and 1.5% for the permanent rockbolts., on the basis of an Ag, of 
7.5%; (ii) Maximum admissible shear displacement at: 15-20 mm for durability of permanent 
rockbolts and 35 mm for structural integrity of the primary and permanent rockbolts. 

Rockbolts length and patterns were determined on the following basis: (i) Empirical formu- 
las: L(m) > 2 + 0.2 x Span (m) according to Barton; (ii) Specific Rock wedge stability analysis 
depending on expected joint sets. The length and pattern of the rock bolts were also verified 
to be consistent with the extension of the plasticized zone, not necessary overpassing it, and 
the calculated strains by means of a refined discontinuous 3D numerical model where the 
main pre-sheared joints and the rockbolts were explicitly modelled. 

The shotcrete is not considered as structural element for the global stability of the caverns and 
was not included in the 3D numerical model. It is only useful for the local stability of the small 
rock wedges between the rockbolts. Based on Barret & McCreath (1995), the shotcrete was verified 
in Ultimate Limit State for the following failure modes: adhesive failure, flexural failure, direct 
shear failure, and punching shear failure. By ensuring a good adherence between rock and shot- 
crete, most of failure mechanisms can be avoided. Cracks in the shotcrete are acceptable. Neverthe- 
less, to ensure the security and durability of the shotcrete, the layers surrounding the cracks shall 
be secured during excavation, and then repaired in a definitive way once the cracks are stabilized. 


5.4 Rock wedges stability 


The stability of the rock wedge, defined by joint sets, was checked using limit state approach 
(Ultimate Limit State), where loading and resistance of the structures and surrounding medium 
were designed to meet established criterion. The following condition was verified: D < p R where 
D is the driving force (rock wedge weight, shotcrete weight, groundwater load and seismic load), 
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and R is the resisting force, composed of the rockbolts force, shotcrete shear resistance and joint 
shear resistance. Load combinations are considered with the corresponding load factors (on D) 
and reduction factors (on R). 6 is then the Factor of Safety calculated by UNWEDGE software, 
that shall be superior to 1. 


6 CONCLUSIONS 


Snowy 2.0 Power Station Complex (PSC) features two underground caverns — Machine Hall 
and the Transformer Hall — and busbar galleries that are extremely complex from a technical 
perspective being given their size and the in-situ stresses at a depth of over 700 m. Such struc- 
tures required a thorough stability assessment, in particular with regards to the stability of the 
rock pillars located in between the two caverns and the busbar galleries. The geological model 
and the geotechnical parameters are defined on the basis of the latest investigations whereby 
all the tests are completed and analysed. The rock support, mainly consisting of rockbolts and 
SFR shotcrete, is installed in two steps: the primary rock support immediately after excava- 
tion and permanent rock support delayed as much as possible to minimize the deformation 
imposed by the displacement of the rockmass. As no code or standard is relevant for the con- 
struction of large deep caverns under high in-situ-stress conditions, specific acceptance design 
criteria for the excavation and support of the PSC are defined. These criteria concern (i) the 
global rock mass behaviour (displacement, stress, strain. ..), (ii) the stability of the rock pillars 
between the caverns and busbar galleries, (iii) the rock support performance and durability, 
and (iv) the local rock wedges stability. The verification of the rock support of the PSC is per- 
formed by means of a refined 3D numerical model (3DEC) where the weak geological pre- 
sheared joints, the rockbolts and the sequences of excavation are explicitly modelled. 
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ABSTRACT: It is common to install pressurized water mains or heat supply pipes in tun- 
nels. Highly pressurized pipes often leak through cracks or joints and may cause the tunnel to 
be pressurized. In this study a very special case of subsea tunnel collapse relating to internal 
pressure was investigated. It was found that the internal pressure of the tunnel was sufficiently 
high to cause the tensile failure of the segment lining joints, and probably caused the hydraulic 
fracturing at the surrounding soils. In this study the tunnel failure mechanism and hydraulic 
fracturing of surrounding ground was investigated. To identify the tunnel joint failure mech- 
anism, back calculation using numerical structural analysis was carried out. The possibility of 
hydraulic fracturing was evaluated using theoretical method and small-scale model tests. It 
was found that the joints of the segment lining and the surrounding soils were relatively weak 
to resist internal pressure. 


1 INTRODUCTION 


Pressurized unlined tunnel frequently causes failure of surrounding weathered rocks, which is 
called “hydro-jacking’(Olsen and Blindheim 1989; Dahlo and Nilsen 1992; Nilsen 1994; 
Nilsen and Palmstrøm 2001). To avoid the risk of hydro-jacking, pressurized pipes such as 
water mains and heat supply pipes are installed in lined tunnels. Although this measure is 
likely to be conservative design which is cost consuming, however once the failure of rocks 
occurs, the effort and cost to recover is astronomical. So far, several cases of hydro-jacking 
have been reported. And now the hydro-jacking is one of the key elements to be checked in 
design of internally pressurized tunnel. A common measure to prevent from hydro-jacking, 
tunnel lining is installed, or pipes to carry pressurized material are placed inside the tunnel. 
However, although direct risk may be reduced, secondary risk due to pipe leaks still exists. In 
this case the effect of pressure leak forms the pipe must be identified and checked. Hydro- 
jacking is generally a collapse of jointed rocks. Similar failure of clayey soil is termed as 
hydraulic fracturing(Bjerrum et al., 1972; Decker and Clemence, 1981; Jaworski et al., 1981; 
Fukushima, 1986; Lo and Kaniaru, 1990; Andersen et al., 1994; Medeiros and Moffat, 1996; 
Mori and Tamura, 1987; Panah and Yanagisawa, 1989; Yanagisawa and Panah,1994; Atkin- 
son et al., 1994). Hydro-jacking and hydraulic fracturing are the same in view of failure mech- 
anism. Hydraulic fracturing of segment tunnel lining in soils has rarely been reported. 

In this study, the failure of a subsea tunnel constructed in a clayey soil layer that includes 
a pressurized sewer main is investigated. The tunnel route is planned to connect two islands 
beneath the sea bottom, similar to a siphon. Collapse was noticed from the soaring of water at 
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sea level around the middle of the subsea tunnel. Sequential failures of tunnel segment joints 
and soils surrounding the tunnel occurred. Investigations into the leaking and failure of 
internal sewer pipes are beyond this study. In this paper the secondary effect of failure is the 
outflow of sewers throughout the segment lining joints and the hydraulic fracturing of the sur- 
rounding clayey soils. The sequential outflow process is assumed to occur in two steps. Firstly, 
the segment lining joints are open, and the pressure hydraulically fractures the surrounding 
soils. Consequently, the total failure mechanism is investigated in two steps, firstly the joint 
opening of the segment lining is examined by using numerical modelling method, then the 
hydraulic fracturing of the surrounding soil is investigated using the theoretical analysis. The 
failure of clayey soil caused by internal pressure was further investigated by performing small- 
scale model test. 


2 SITE CONDITIONS AND TUNNEL PROFILES 


2.1 Geological strata and tunnel 


The collapsed tunnel is the subsea tunnel for discharging sewers on land into the sea. Figure 1 
shows the composition of the soil strata. According to the site investigation boring, silty clay 
sedimented to a depth of 60m, and the lower part was composed of sandy gravel. The soil test 
classified the silty clay as CL and CH and showed 4 to 9 N values. A solid layer of sandy 
gravel appeared at the lower part, showing N value of 10 to 21. The bedrock appeared at 
a depth of 70m or more, and RQD is 20~98%. 

The tunnel of which diameter was 3.0m and constructed using EPB shield machine. Pressur- 
ized sewer pipes were placed inside the tunnel. Tunnel depth crossing the gulf sea was 
25.9-40.0m from the sea level. Ground surrounding of the tunnel was mainly silty clay. The 
maximum water depth was about 10.0m. 
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Figure 1. Ground profile. Figure 2. Tunnel profile. 


2.2 Tunnel construction and collapse 


The tunnel was constructed over three years using the EPB shield machine. The excavation 
record showed that the excavation speed was about 6.3m per day in a silty clay area(1440m). 

After the construction was completed, a seawater whirlpool was observed in the middle of 
the tunnel crossing the gulf during operation. The tracer investigation confirmed that the pres- 
sure water leaked from the tunnel and from the pressure tube inside the shield tunnel. Result of 
investigation inside the tunnel, pressurized tunnel damage was found as shown in Figure 4, and 
about 50 tons of leakage per day was outflowed. Pressurized tube damage has been analyzed 
extensively. However, in this study, we focus on the mechanism by which leaking from 
a pressurized tube penetrates the lining joints and ground, and then flows out to the sea. 
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Figure 3. Tunnel location and damaged pipeline inside the tunnel, (a) Tunnel location, (b) Damaged 
tunnel. 


3 BACK ANALYSIS OF TUNNEL COLLAPSE 


3.1 Lining joint leakage and hydraulic fracturing 


The behavior of outflow leakage to the ground can be estimated through back calculation and 
theoretical method. Back calculation analysis can be performed to estimate the water pressure 
generated in the tunnel as well as to verify the outflow mechanism. 

The outflow mechanism was investigated by the following steps: Firstly a lining pressure 
behavior analysis of the tunnel was performed, and numerical analysis was performed to 
increase the pressure resistance in the tunnel lining to calculate the pressure at which the 
lining segment joint opens. After that, the water pressure (hydraulic fracturing pressure) at 
which the tunnel leakage passes through the silty clay and reach the sea surface is calcu- 
lated. In this case, the cracking pressure can be evaluated by using hydraulic fracturing 
theory or Fernandez hydraulic fracturing equation. The maximum pressure among the 
two step analyses can be said to be the minimum internal pressure that caused the out- 
flow from the tunnel. 
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Figure 4. Outflow mechanism. 


3.2 Estimate segment lining leakage pressure 


The segment lining joint is open and leaks when the joint axial stress is converted from com- 
pressive to tensile. If the axial stress (o,) acting on the segment joint is smaller than the water 
pressure (P,,), leakage may occur. i.e., the leak condition is øe < P,,. However, as a subsea 
tunnel, there is external water pressure(P,,9), so the actual leakage condition occurs when the 
difference between the internal and external pressure is higher than the contact stress. There- 
fore, the leakage can initiate before the joint axial stress reaches tension. However, since leak- 
age in this study means outflow, it can be assumed that leaking begin to occur under tensile 
conditions. 
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3.2.1 Segment lining model 

The outflow behavior of leakage can be determined by performing numerical analysis of the 
internal pressure of the segment lining. To reproduce the ground load condition before out- 
flow, a numerical analysis of tunnel excavation coupled with hydraulic analysis was performed 
to calculate external pressure such as earth pressure and water pressure due to excavation. 
After that, the axial stress of the joint was obtained under the initial load condition 
(Figure 5a). The tunnel lining is modeled as a 2-ring beam-spring as shown in(Figure 5b). The 
materials and geological properties used for the analysis are listed in Tables 1 and 2. 


(a) vertical earth pressure 
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Figure 5. Model for lining analysis, (a) conditions of lining loads, and (b) segment lining model. 


Table 1. Properties of reinforcement concrete. 


Strength(MPa) E(MPa) y (kKN/m3) v 


RC concrete 60 34,300 24.5 0.18 


Table 2. Properties of geological strata. 


y(kN/m3) c $ E(MPa) v 


Silty clay 16.4 30 0 9 0.45 


The behavior of radial segment joint was represented using a rotating spring, and a shear 
spring. For the rotating spring coefficient(X,,,), the formula of Jannssen (1983) was used. 
_ x(3h — 2x)b Ee 


Ky = M/0= ~~ (1) 


where, x = distance from the outer edge of compression to the neutral axis, b = segment 
width, A = segment thickness, E. = concrete modulus of elasticity 

The ground spring coefficient(k,) was evaluated using the following formula as the ground 
reaction force coefficient in the radial direction of the tunnel, and conventionally 40,000 was 
used for the shear spring coefficient. 


3E 
k= GG aaa N/m). (2) 


-1 1 
E= D.-+2H-tan 6 + De (3) 


1 -l 1 1 -l -l 
Eo (D2H and a D) i Eog (DH anð + D:+2H;-tan a) 
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where, v = Poisson’s ratio, R, = radius of segment centroid(m), Ey = deformation modulus con- 
sidering backfill stiffness, De = radius of segment centroid(m), 8 = load distribution width, E,,= 
deformation modulus of backfill (kN/m?°), Es = deformation modulus of ground(kN/m7), 
H: effective width(3 Do), Hp: thickness of backfill(m) 


3.2.2 Result of segment lining leakage pressure 

To calculate the leakage pressure of the segment lining, the axial stress acting on the joint was 
calculated by increasing the internal pressure from 0.1 to 0.9 MPa. The analysis results are 
shown in Figure 6. The internal pressure at which the axial stress of the segment joint trans- 
formed from a compressive to a tensile was obtained to be 0.48 MPa at the outflow point. 
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Figure 6. Results of segment lining analysis. 


When the joint is open, leakage can continue without significant resistance regardless of the 
axial stress state. Some leakage typically approaches the surface owing to infiltration, whereas 
some would reach out in the form of cracks through a specific path in hydraulically fragile strata. 


4 HYDRAULIC FRACTURING OF SURROUNDING SOILS 


Leakage from the tunnel cannot pass through the silty clay by infiltration and outflow to the 
sea. However, it can occur in the form of ground failures, such as heaving or hydraulic frac- 
turing. Heaving is a widespread ground uplift phenomenon that does not occur easily under 
20-30 m of cover. Therefore, the outflow in this study can be assumed to be caused by 
hydraulic fracturing. 


4.1 Theoretical method for evaluating hydraulic fracturing 


Hydraulic fracturing occurs when the water pressure exceeds the allowable value due to 
increase in intruding water pressure. Typically, it occurs when the water pressure exceeds the 
minimum principal stress of the soil. The minimum principal stress is parallel to that in the 
sediment layer. Therefore, the water pressure widens the ground horizontally, and the leakage 
outflows vertically throughout the crack (flow channel). 

If particles with relatively high permeability, such as silt or sand, are distributed in the 
strata, then a flow channel can be formed more easily along this path and leaked out. Gener- 
ally, it occurs through a discontinuous with developed joints or a silt or sand seam with low 
viscosity. Hydraulic fracturing causes ground failures. In the case of sandy soil, outflow can 
occur by infiltration even if the water pressure in the tunnel slightly exceeds the hydrostatic 
pressure. It is unlikely to happen in clay soil, and in this case the pressure (water pressure) 
fractures the ground, creating cracks and outflow. The ground fracture pressure can be esti- 
mated to be much more significant than the hydrostatic pressure. 
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Hydraulic fracturing is a failure condition of the clay and occurs when the minimum effect- 
ive principal stress of the ground is equal to the negative tensile strength. 


03=-0; (4) 


Under undrained conditions, hydraulic fracturing occurs when the minimum principal 
stress and tensile force satisfy the following conditions. 


03 = Up + Au—o't = uo + (Ao; + A(Ao,—Ao3)) — o; (5) 
wae . 
Ao3 = —F (oxi tor) + Aor (6) 
where, o3; = initial minimum effective principal stress, uọ = initial pore water pressure, 


Au = excess pore water pressure, A = Skempton pore water pressure coefficient, Ao; = maximum 
principal stress change, Aoz = minimum principal stress change 

Cavity expansion theory can explain the increase in the internal pressure of the tunnel. As 
the cavity expands, the radial stress increases, but the circumferential stress decreases, unless it 
is fractured by shear. Therefore, when the leakage pressure is equal to the negative value of 
the tensile strength, cracks occur in the radial direction (vertical direction from the crown), 
and outflow occurs vertically. 

Assuming that the behavior of the undrained clay is approximately linear elastic, the 
change in total stress in the radial (vertical) direction in the cavity is equal to the negative 
value of the change in the circumferential (horizontal) stress. Under the transformation condi- 
tions, the following holds. Figure 7 explains the hydraulic fracturing mechanism in the 
undrained condition(Mitchell, 2005). 


Pi — oxf = Ao, = 0 3¢ + 0, or Py = 2037 — uo + ot (7) 


where, P; = external pressure causing fracturing of clay 
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Figure 7. Hydraulic fracturing mechanism in undrained condition. 


Based on the theory, the outflow pressure in the undrained condition was calculated to be 
0.61 MPa. Compared with the numerical analysis result (0.48 MPa), the minimum internal 
pressure that caused the leak was estimated to be 0.61 MPa. 


4.2 Model test of hydraulic fracturing behavior of clay 


A model test using similar samples was performed to confirm the hydraulic fracturing mech- 
anism of clay. The samples were prepared with clay(kaolinite) and sieved using No. 60 and 
No. 200 sieves to obtain fine soil. Subsequently, the coarse soil that remained in the No. 200 
sieve was mixed at a weight ratio of 6:4. The liquid plasticity limit test results for the clay used 
are shown in Figure 8a. The liquid limit, plastic limit, and plasticity index were 36.2%, 24.3%, 
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and 11.9%, respectively. According to the unified classification, clay is classified as CL if it 
contains more than 50% of fine soil, its liquid limit is less than 50%, its plasticity limit exceeds 
7%, and its location in the plasticity diagram is immediately above the A-line. 

Figure 8b shows the model test. A circular hole with a diameter of 3cm was placed between 
water tank and chamber to apply pressure from the bottom and filter was installed to prevent 
the clay from moving. The pressure was transferred to the lower section using a water pressure 
control device, and the water pressure difference was adjusted by turning the lever. Clay with 
a thickness of 5cm and water content of 30% was applied, and lcm of surface water was 
added to the top to monitor the outflow. The initial pressurization was set to a water level 
difference of 5 cm, and the water level holding time was set to 30 seconds. Suppose that the 
outflow phenomenon does not occur after the holding time. In this case, the valve is closed, 
a water level difference of 5 cm is additionally applied, and then the valve is opened and pres- 
surized. This method was repeatedly applied until outflow occurred. 
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Figure 8. Result of liquid-plasticity limit test and model experiment. 


This model test did not accurately represent the hydraulic similarity. It was used only as data for 
qualitative analysis of outflow behavior. In the case of sandy ground, if the hydraulic gradient limit 
(0.8-1.0) is exceeded, quicksand occurs immediately. However, in the case of clay, hydraulic frac- 
turing occurs only when a pressure more remarkable than the water pressure that causes piping. 

The model test showed that the ground shape did not change when the first 5 cm of pressure 
head was applied. A micro-crack was observed in the center after 30 seconds elapsed when the 
pressure head was 15 cm. When the water level difference was 20 cm, the crack enlarged imme- 
diately after pressurization. The outflowing of water and crack at the clay surface reached 
observed at a location of 11.5 cm away from the center after 9 seconds. It was confirmed that 
cracks propagated around when water pressure increased, and outflow occurred at a point 
11.5 cm away from the center when a water level difference was 20 cm applied. Hydraulic frac- 
turing resistance was higher as the degree of compaction (sedimentation) of clay increased, 
which is analyzed to be like the condition where the outflow pressure is 0.48 MPa or more 
(hydraulic gradient about 1.6) in the back calculation analysis. Figure 9 shows the model test 
results for hydraulic fracturing at the hydraulic gradient of 3.4. A typical hydraulic fracturing 
phenomenon was observed in which cracks are generated and outflow started. 
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Figure 9. Result of model test (hydraulic gradient 3.4). 
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The outflow mechanism of the clay was identified through a model test. At the initial stage 
of hydraulic fracturing, the leakage formed a flow channel in the clay. After hydraulic fractur- 
ing, outflow occurred promptly without hydraulic resistance along the existing flow path 
when the leakage pressure exceeded the hydrostatic pressure. As shown in Figure 10, the fail- 
ure of piping in sandy ground occurred at a hydraulic gradient of 0.8-1.0. However, hydraulic 
fracturing of clay occurs when the hydraulic gradient was at least 1.6. 
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Figure 10. Failure mechanism of sand and clay. 


Required Pressure causing hydraulic fracturing can be conjectured using the test results. 
The minimum pressure at the sea bottom is about 1.6 times of cover depth(40m), which is 
about 0.64MPa. 


5 CONCLUSION 


In this paper the outflow mechanism of internally pressurized subsea tunnel was investigated. 
The failure case investigated in this paper is very rare. However, once it occurs the measures 
are very cost and time consuming. 

Sequential two-step approach was used. Firstly, the magnitude of internal pressure which 
causes joint opening were estimated using the two-ring beam numerical modelling. Secondly 
the possibility of hydraulic fracturing was evaluated with theoretical method. 

Numerical modelling of lining behavior indicated that the pressure sufficiently high to cause 
tensile stress at the joints in this case. And it is theoretically confirmed that the leaked pressure 
from the tunnel resulted in hydraulic fracturing at the cover soils. It is identified that the leaked 
sewer pressure in the tunnel caused joint opening which allows the internal leaked sewer to out- 
flow throughout the joints, then caused hydraulic fracturing at the surrounding soils. It is found 
that the penetration mechanism of pressurized water into the surrounding soils depends on the 
type of soils. In pervious soils like sand, piping behavior occurs, meanwhile in impermeable soil 
like a clay cracking caused by hydraulic fracturing provides flow paths. It is conjectured that the 
clayey soil requires higher pressure to cause outflow of water than the sandy soils. That is sup- 
ported by performing small scale model test, confirming that to cause the collapse of cover soils, 
clayey soil requires more hydraulic gradient than the sandy soil, which means that a tunnel in the 
clayey soil has more resistance that in the sandy soil in the situation of internal pressure leaking. 
This failure case has significance in designing a pressurized or a tunnel which includes pressure 
pipes in it. It is important to check leaking due to joint opening and hydraulic fracturing in the 
surrounding soils in the phase of design. 
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ABSTRACT: The sewage tunnels of the Blominmaki Wastewater Treatment Plant (WWTP) 
consist of approximately 20 kilometers of inlet and discharge tunnels, access tunnels and 
shafts. The most challenging and technically critical parts of the Finnoo II contract were: The 
connection of the operating offshore tunnel of the old treatment plant with the Blominmaki 
discharge route, through a vertical shaft. Lack of information regarding the exact location, 
the shape and the geological conditions of the existing tunnel called for an accurate excavation 
design to avoid a potential tunnel collapse and rock blocking or massive waterflow during 
breakthrough. The precise implementation of the connection between acceleration and pump- 
ing underground caverns. The connection, in addition to the demanding excavation of 
complex geometry caverns, also included the implementation of six openings of square cross- 
section, slightly inclined, to install pipes for the flow of the treated wastewater. 


1 INTRODUCTION 


The Blominmaki wastewater treatment plant and its sewage tunnels is the biggest investment 
in Helsinki Region Environmental Services Authority (HSY) history, with a total cost of 500 
ME. In addition, it is one of the most important current infrastructure projects in the Helsinki 
Metropolitan Area, comprising four different contracting projects: Mikkelä II, Malminmaki, 
Eestinkallio and Finnoo II (Figure 1). 
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Figure 1. WWTP and detailed 3D illustration of the interaction point. 
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According to the project’s developers, the municipal wastewater will firstly flow to the old 
Suomenoja sewage treatment plant and from there through the new inlet tunnels to Blomin- 
mäki to complete the cleaning process. The treated wastewater will be steered from the treat- 
ment plant to the area of the Suomenoja treatment plant via an 8 km long, new tunnel; from 
there it will be directed to the sea through the existing 7-km-tunnel. Part of the treated waste- 
water will either be pumped from the existing heat recovery plant or will gravitationally 
(partly or totally) bypass it. 


2 VERTICAL SHAFT CONNECTION 


Part of the Finnoo II contract was the connection to the operating offshore tunnel of both the 
WWTP as well as heat and power plant through a vertical shaft. The construction of the 
shafts (access, maintenance, exit etc.) of Finnoo II required a large open pit excavation. The 
area in which the shaft was planned to be excavated was located on the southeast side of the 
open excavation. Additionally, to the treated wastewater discharge into the sea, the connec- 
tion is very important because it allows the operator to frequently check the condition of the 
existing offshore tunnel using a diving robot. 

The Suomenoja offshore tunnel is 7,550 meters long and was excavated between the years 
1972-1974. According to client-provided initial data, the theoretical dimensions of the tunnel 
were 3.3 m high and 3.4 m wide. The available information regarding tunnel reinforcement 
included that 10% of the length of the tunnel is reinforced with shotcrete, with some area- 
specific installed spotbolts. 

During the last years (2003-2017), the offshore tunnel has been investigated using 
a Remotely Operated Underwater Vehicle (ROV) in total of six times. The preliminary shape 
and elevation position of the profile of the offshore tunnel has been mapped with a dive robot 
video camera and a sonar (Figure 2). 


Figure 2. Mapping of the offshore tunnel via ROV. 


Results showed that at certain areas along the tunnel there was a rockfall of dislodged rock 
blocks from the roof due to flowing water and thick sediments of several centimeters were 
concentrated at the bottom. Based on the clear picture of the longitudinal location of the 
tunnel that the ROV mapping offered, the first plans could be made. However, since the 
machine could not move on a fixed track along the tunnel’s center line, it was impossible to 
obtain reliable results for the depth of roof and floor, as well as the wall position. Given the 
lack of reliable results it was not possible to complete the connection design. 

One of the detailed research programs prepared for the area involved drilling holes in order 
to delimit the excavated boundaries of the existing tunnel. Results data showed that then 
tunnel was approximately 3 meters deeper than expected according to the previous robot 
survey (Figure 3). 
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Figure 3. Research program for the determination of the excavated borders of the existing tunnel. 


3 DESIGN 


During the contractual calculations, the original plan included the excavation of an approxi- 
mately 20 m deep vertical rectangular shaft on the north side of the tunnel parallel to the wall. 
The connection between an existing tunnel and a well would be made through a trapezoidal 
access opening. 

In the execution phase the contractor proposed to relocate the interaction point, so that the con- 
nection would be executed with a vertical access shaft with a breakthrough at the roof of the existing 
tunnel (Figure 4). Relocating the interaction point had a significant impact, as design should be 
modified according to the contractor’s proposal. What is more, further investigation was required at 
a certain point in order to investigate the overburden thickness before the breakthrough. 
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Figure 4. Contractor’s proposal to relocate the interaction point and move the shaft at the top of the 
existing tunnel. 


According to the new plan, the excavation of a vertical shaft of about 11-12 m deep, should be 
carried out in three stages (Figure 5). The dimensions of the shaft opening were designed with 
a variation in the first two stages based on the final dimensions of the rectangular opening. The 
first stage contained the excavation of a 6*5.5 m rectangular shaft from the surface of the open 
excavation at level -5. The second stage contained the creation of a ramp to facilitate access to 
level -5 and then the excavation (3.6*3.6 m) to level -9. After each stage, execution walls should be 
immediately supervised and reinforced with rock bolts and safety shotcrete according to the geo- 
logical conditions. When the bottom of the shaft would reach level -9.00, all shaft concrete struc- 
tures should be built and connected to the above ground level southern shaft building. 

The last stage would be the most difficult and demanding element of the whole project since 
it contained the connection from the level -9 to the existing functional tunnel. The dimensions 
of the third stage excavation (3*2.5 m) were selected based on the capacity needed, the dimen- 
sions of the ROV machine and the construction of the concrete walls at a later stage. Risk 
assessment has been carried out for each stage individually. 
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Figure 5. Final excavation design. 
4 IMPLEMENTATION 


The execution process required the area to be excavated as well as sealed. Puddles and the 
presence of air bubbles in various parts of the bottom of the open pit excavation were issues 
that had to be addressed before proceeding with the shaft excavation (Figure 6). It seemed like 
an indication that there was a water inflow through jointed rock from the existing pressure of 
the offshore tunnel to the open pit excavation. Samples were taken for water analysis and 
their analysis confirmed the presence of wastewater. 


Figure 6. Water inflow to the open pit excavation. 


For that reason, additional sealing was applied using cement as well as chemical based post- 
grouting. Grouting holes also helped to determine the quality of the rock mass of this specific 
area. Pre-bolts were installed and excavations up to level -5 as well as the ramp excavation car- 
ried out according to the plan (Figure 7). Till dams were simultaneously created around the 
area with an open space left for the machinery, which would be covered with till deposits stored 
at a short distance, in the case of flood. Access ramp’s bottom part was also pre-grouted. 


Figure 7. Stage | excavation up to level -5. 
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During the second stage (Figure 8), following pre-grouting and pre-bolting, the excavation was 
carried out up to level -9 using the method of presplitting and wedging. Prior to the final excavation 
phase, the contractor drilled exploration test borehole in order to check the thickness of the remain- 
ing roof. The results revealed that only 1.7 m out of the estimated 2.4 m rock roof remained, which 
differed significantly from the investigation performed during the general design stage. 


Figure 8. Grouting holes as well as test borehole drilled. Stage 2 excavation up to level -9. 


The upper parts of the concrete structures, located on the top of the shaft, have not been 
completed so that the blast shielding could be mechanically performed, but also be as efficient 
as possible. Lock chamber, penstock and crib dams were ready for use (Figure 9). 


Figure 9. Concrete structures between the shaft and the above-ground southern shaft building. 


The offshore tunnel below the connecting shaft was full of water flowing to the sea direction. 
The operations of the Suomenoja WWTP or cooling water discharge from Fortum’s power 
plant could not be suspended. In order to reach minimum wastewater flow during stage 3, 
Fortum had to pump treated wastewater (of Suomenoja WWTP) from the offshore tunnel to its 
heat recovery plant. From there, the water was planned to return to the offshore tunnel about 
10 m from the burst point facing the sea. The cooling water of Fortum’s thermal power plant 
would possibly reach the same point. Fortum had to adjust the pumped flow to the heat recov- 
ery plant to be approximately equal to the amount of water leaving the treatment plant (1,000 1/ 
s), so that the flow of water flow under the blasting point would be minimal. If needed, after the 
primary sedimentation basins of WWTP, partly treated wastewater (max. 300 I/s) could be dir- 
ected to the stabilization ponds. Due to the limited capacity of the stabilization ponds, the 
breakthrough could not have taken place during the high flows of the spring meltwater season. 
The excavation should be postponed at any time that a water increase of more than 1500 liters 
was foreseen. Blasting should be carried out when the wastewater flow was the lowest possible. 

Following charging, the blast covering works were carried out by installing parts from steel 
pipe wall and blasting mats on the top of the section of the previous stages. The channel leading 
to the vertical shaft was closed by two parallel penstocks. Separate steel wall dams were installed 
at the unloading chambers and in addition the shaft was filled with water up to the level -1. 
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Blasting operation was considered successful, all quarry material was picked up by a grab 
crane, while the final inspection and the hand scaling were performed by two experienced 
divers (Figure 10). 


Figure 10. Stage 3: preparation, breakthrough and mucking. 
5 PUMPING AND VACUUM HALLS AND CONNECTING OPENINGS 


In normal operative conditions, the treated water would be gravity-driven. In case of 
a functional disturbance, such as a sudden sea level rise, a safety measure had to be designed. 
As a result, a pumping and vacuum hall were designed. The acceleration (or vacuum) cavern 
was built to steer refined wastewater to pumps within the pumping hall through seven pipes. 
Four of the openings were planned for Helsinki Region Environmental Services and three 
openings for the Fortum heating system. 


6 DESIGN 


The original plan was to divide the pumping and vacuum cavern with a reinforced concrete 
wall with installed pipes within. Instead of creating a demanding and expensive concrete wall 
as a Stable pipe structure, a substituting structure of the dividing rock mass was used, as sug- 
gested by the designer, followed by excavation of six openings where pipes would be placed 
that would connect the two underground spaces. An additional pipe would be added at a later 
stage through the connection tunnel of the above-mentioned caverns (Figure 11). 

This challenging task demanded an accurate planning as well as early risk management, 
since in case of failure during the excavation of the openings, the project would not be any 
more functional. A slight variation in the angle or size of the openings, collapse of the open- 
ings due to weakness zones, inflow of groundwater and damage to the pipes during their 
installation are some of the risks that required precise technical approach. 

According to the original idea, the openings were designed to be cylindrical. Due to the dif- 
ficulty of the excavation of cylindrical openings, the contractor proposed to change the exca- 
vation methodology from conventional drill & blast to wire cutting excavation. The 
excavation method leaves a very smooth surface which could be useful in the specific applica- 
tion. The vibration free technique would also minimize the excavation damage zone. This dif- 
ferentiation led correspondingly to a change of shape from cylindrical to square openings. 

The pumping hall is 49 m long with a cross section of 302.2 m? and with maximum overburden 
of 9 m. The span of the hall is 16.9 m, the wall height is 15.8 m and the total height 9.0 m. On the 
other hand, the geometry of the vacuum hall is quite complicated since it essentially has the shape 
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of a funnel. The design of the excavation was based on the alternation of different cross-sections 
whose surface varied from 32 to 109 m”. 


Figure 11. Design of connection between vacuum and pumping hall. 


This unusual geometry ends in the rock wall (so called the south wall) on which the open- 
ings that will connect the two caverns have been designed. Its length is 36 m while its height 
varies from 5.5 to 8.8 m. The distance between the two caverns was 9.8 m. The connection 
between the above-mentioned caverns would be carried out through a temporary 5 m high 
and 3.6 m wide connection tunnel. 


7 IMPLEMENTATION 


The excavation of the vacuum hall was carried out in three stages. After each stage rock bolts 
have been installed. First extended pilot tunnel with chamfered walls was excavated up to the 
south wall, and after bolting the roof both right and left side of the hall (funnel) was also exca- 
vated. The rock mass surrounding the pilot tunnel was pre-grouted with 23-meter-long grout- 
ing holes (12 holes in roof and bottom) while respectively the surrounding rock of the remain 
stages was pre-grouted with 29, 18-meter-long grouting holes on each side. 

After the completion of the excavation of the vacuum hall, the sealing of the south wall as 
well as the excavation area of the connection tunnel took place. A massive pre-grouting was 
carried out consisting of 112 holes varying between 10 and 27 meters. In addition to sealing 
the area between the two tunnels (rock pilar) focusing to the areas around the upcoming open- 
ings, the aim was also to achieve the pre-grouting of parts (bottom and wall) of the northern 
side of the pumping hall. The excavation of the pumping hall was carried out in two horizon- 
tal levels. In addition to the above-mentioned connection tunnel, two other entrances were 
used for the excavation of both stages. 

The exact positions of the upcoming openings were painted with spray paint on both sides of 
the walls after reinforcement. As suggested by the contractor, these openings were slightly inclined 
to have 1.4-meter-long sides at the pumping cavern and ending with 1.2-meter-long sides at the 
vacuum hall’s side, facilitating the pull-out of blocks after the saw cutting excavation. Six corner 
bolts were placed around the reverse side of each square cross-section to prevent collapse. Each 
anchor was placed with an external inclination of 10 degrees and was 6 meters long. 

For each opening 4 holes were drilled in each corner of the square cross-section throughout 
the length of the opening from the one hall to the other. The wire was fed through one of the 
holes to the end of it in the other side and then fed back up to the drilling area through 
another hole. The two ends of the wire were connected and mounted to the wire cutting 
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equipment’s motor. After one side was cut, the wire was moved and started to cut on the 
opposite side. The removal of the rock block was carried out by drilling a hole along the open- 
ing in the center of the square cross-section where a steel bar locked with steel plate from the 
one side and hook from the other side was installed. Loader pulled out the excavated block 
out of the opening. The process was repeated for all openings. In most cases sawed blocks 
were desoldered in one piece (Figure 12). 

After the completion of the openings, the sawed surfaces were examined for any discontinu- 
ities, collapse or leakages (Figure 12). The frequency of the joints was easy to determine but the 
orientation was hard to estimate due to the smooth surface. The instruction was that any dis- 
continuity that could fulfill the risk assessment should be treated with epoxy resins or mortars. 

After the quality control pipe installation started. Pipes installed were soldered with cement 
at the openings. The soldering of the space between the pipes and the sawed surface appeared 
to be a challenge. The pipes were connected to pumps and their purpose was to pump water 
up to the surface. 

A pressure wall was constructed inside the connection tunnel in order to protect the pump- 
ing hall from massive water inflow. A connection pipe was installed through this wall to serve 
the feasibility of the project by pumping treated water to the offshore tunnel. Before the start 
of construction works in both acceleration and pumping halls waterproofing membrane was 
installed using robotic spraying to enhance waterproofing performance. 


Figure 12. Implementation and inspection of the wire cut square-shaped opening holes 1...6. 
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ABSTRACT: The use of Geotechnical Baseline Report (GBR) as a risk allocation tool for 
tunnel and cavern projects is being adopted around the world. Whilst the overall benefits of 
using a GBR have been well publicised, there are various implementation issues related to the 
geological model, the details of physical and behavioural baselines, including their selection, 
definition, measurement and verification, and competency of the project team. In addition, 
whether a differing ground condition is foreseeable and how the entitlement for relief is deter- 
mined need to be compatible with the contents of the GBR and the form of contract to realise 
the intended benefits. This paper provides a critical analysis of the issues related to GBR in 
the context of large scale, Design and Build, tunnel and cavern projects. Examples of physical 
and behavioural baselines and geohazards will be discussed based on the project experiences 
of the authors in Australia and overseas. The approaches of the FIDIC Emerald Book and 
the ASCE Gold Book, and their implications on the contracting parties will also be described. 
The impacts of these GBR related issues on design and construction are very significant, to 
the extent of dictating the project schedule and cost, which in turn influencing the success of 
the project. The final part of the paper attempts to summarise lessons learned from the discus- 
sions and some recommended practices. 


1 INTRODUCTION 


The use of Geotechnical Baseline Report (GBR) for risk allocation in construction, especially 
in large scale, Design and Build, underground projects involving tunnels and caverns, is gain- 
ing more recognition. Whilst the overall benefits of using a GBR have been well published, 
there are various issues with significant time, cost and contractual implications which may not 
be obvious on the surface until the construction stage. A critical analysis of these issues related 
to GBR is provided in this paper to share the authors’ experiences, so that decision makers 
are aware of relevant issues before adopting GBR as a tool in the contract and of the need to 
customise the structure and contents of a GBR by competent personnel to suit project-specific 
needs. Without such prior knowledge, the intended benefits of using a GBR to manage the 
risk of uncertainties are unlikely to be fully realised during the project delivery phase. 
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2 LITERATURE 


Since the widespread acceptance of GBR by the construction industry in the United States, 
the use of GBR has expanded to a number of countries and territories over the past two to 
three decades. They include Canada, United Kingdom, New Zealand, Australia, Singapore, 
Hong Kong and South Africa, European countries such as Germany, France, Italy and Switz- 
erland, as well as Thailand, Chile and United Arab Emirates. 

In Australia, many contractors and consultants are still unfamiliar with the preparation and 
use of GBR. Major underground transportation projects in capital cities have not adopted GBR 
per se to date, even though selected elements of risk sharing have been incorporated into the con- 
tract. A notable use of GBR in Australia is for a major pumped storage hydropower project in 
New South Wales, which is being delivered with a modified EPC or Design and Construct (D&C) 
contract. However, the implementation of GBR during the detailed design and construction 
stages of this project is known to be plagued with issues related to various details of the GBR. 

The benefits of using GBR for improved risk allocation in underground construction pro- 
jects have been promoted by some. However, unlike ground investigation and geotechnical 
design, the drafting of GBRs is not well supported in the same way by British Standards (BS), 
European Standards (EN) or International Organization for Standardization (ISO). The only 
published guidelines available so far are the ASCE Gold Book, “Geotechnical Baseline 
Reports for Construction: Suggested Guidelines” (Technical Committee on Geotechnical 
Reports of UTRC; Essex, 2007), and the NZTS guide, “Geotechnical Baseline Reports: 
A Guide for New Zealand Practitioners” (NZTS, 2020), from the New Zealand Tunnelling 
Society. The NZTS guide supplements the ASCE Gold Book with broad advice derived from 
recent experiences of the society’s members. At the time of writing this paper in Septem- 
ber 2022, the 3rd edition of the ASCE Gold Book and a new practice guide from the UK Con- 
struction Industry Research and Information Association, CIRIA Report 1106, are believed 
to be at an advanced stage of preparation. 

The FIDIC Emerald Book, “Conditions of Contract for Underground Works” (FIDIC, 
2019), published by the International Federation of Consulting Engineers in collaboration 
with International Tunnelling and Underground Space Association (ITA), provides guidance 
for the preparation of contract conditions and tender documents, including GBR contents 
and ground classification system, for Design-Build underground construction projects. The 
role of GBR as the single contractual source of risk allocation related to subsurface physical 
conditions is clearly stated in the Emerald Book. The guidance document recognises that all 
subsurface physical conditions not addressed in the GBR shall be considered Unforeseeable. 
This definition of foreseeability contrasts with that of the ASCE Gold Book, which allows 
reliance on information outside the GBR in establishing whether a condition is Foreseeable 
by an experienced contractor. The implications of such an approach on project implementa- 
tion and contract administration will be further elaborated in this paper. 

It is generally accepted that a GBR for major underground project should include the fol- 
lowing main contents: 


¢ Introduction with project description and sources of data; 

e Geology and hydrogeology, including regional and site features; 

e Man-made features; 

e Ground characterisation and baseline statements for soil, rock and groundwater, including 
the geological discontinuities, mixed face conditions, anticipated water pressure, quality 
and in-flow, presence of contamination, gas, waste, obstructions and unexploded ordnance 
(if any); Note: examples of obstructions include boulders, abandoned piles, buried utilities 
and structures, buried debris etc. (FIDIC, 2019); 

e Considerations on construction methods and experiences, especially those from previous 
similar projects; 


Issues on instrumentation and monitoring, and management of spoils are optional depending 
on the project specifics. Variations have been observed in different countries, In Singapore, for 
example, Geotechnical Interpretative Baseline Reports or GIBRs are used for government infra- 
structure projects to provide both geotechnical interpretation and baseline conditions. 
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The stages involved in developing a GBR may vary from project to project. NZTS recommends 
an interactive tendering process which involves three stages of GBR development based on the 
ASCE Gold Book. The naming of the staged approach has been streamlined by NZTS (2020) as: 


¢ Issue A from Client, as a common basis for bidders; 

e Issue B from Contractor, to facilitate proposed modifications to suit their preferred con- 
struction methodology; and 

e Issue C, as the agreed contract document after negotiation. 


As noted in NZTS (2020), considering potential changes in design and construction meth- 
odology in the interactive process, GBR should be one of the last documents to be finalised 
before concluding contract negotiations. To avoid conflicts and inconsistencies during con- 
tract administration, the GBR should then take precedence over any other geotechnical 
related documents, providing a single contractual interpretation of the data contained in the 
Geotechnical Data Report (GDR) (Essex, 2007). For clarity, GDR is also known as Geotech- 
nical Factual Report (GFR) and Factual Geotechnical Investigation Report in Australia and 
other English-speaking countries. 

The Emerald Book further recommends that “the Schedule of Baselines, which provides the 
time link to the Completion Schedule, takes precedence over the GBR” and the GBR shall be 
“the single source of allocation of risks due to subsurface physical conditions” (FIDIC, 2019). 
In other words, GBR is the universal and exclusive basis for subsurface condition risk alloca- 
tion in the Emerald Book approach. Consequently, GBR is used as the only contractual defin- 
ition of the Foreseeable subsurface physical conditions, serving as the basis for tender 
preparation and execution of works, including managing claims and determination of 
a contractor’s eligibility for time/cost relief. 

The ITA Contractual Framework Checklist for Subsurface Construction Contracts (2nd Edi- 
tion/2020) (ITA, 2021) intends to identify contractual practices for success, independent of the 
form of contract and the project specific risk apportionment. As expected, the document endorses 
the same GBR approach and allocation of risk as that of the Emerald Book. Although the ASCE 
Gold Book recommends against any Differing Site Condition (DSC) clause that entitles the 
owner to claim for downward adjustments in price, ITA (2021) allows provisions for both increase 
and reduction of time for completion and corresponding time-related charges to be included in the 
contract. The explanation given in the ASCE Gold Book is that allowing the owner to claim for 
cost savings disincentivises contractors to bid competitively or below the baselines. 

Regardless of the approach adopted, the documentation required for successful administra- 
tion of specific mechanisms need to be carefully thought out by professionals with relevant 
expertise in technical, contractual and commercial matters. 


3 GBR IMPLEMENTATION ISSUES 


In this section, issues related to the implementation of GBR mechanisms are covered with 
commentary on the impacts to project delivery based on the authors’ experiences. 


3.1 Engineering Geological Model (EGM) and the GBR 


Preparing a geological model using available ground investigation data is a critical step in all 
underground projects. The Engineering Geological Model (EGM) provides a comprehensive 
knowledge framework that enables logical evaluation and interpretation of the geological and 
geomorphological conditions that could impact the project and their engineering characteris- 
tics. It also allows the nature of the associated interaction of these conditions with the pro- 
posed project to be evaluated, so that appropriate engineering decisions can be made from 
inception to decommissioning (Baynes & Parry, 2022). Hence, the EGM is a process that 
arises before the GBR, and that feeds it. 

As the GBR is crystallised at the time of signing the contract, the progress of knowledge 
deriving from new investigations, especially in the phases of geotechnical investigations during 
the subsequent design stage, or observations during excavations post contract award cannot 
be captured in the GBR. The EGM, instead, is a living document which evolves over time. 
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Figure 1. Main applications of EGM (left) and list of typical EGM-based documents (right). 


The continuous reduction of the uncertainties of the EGM is an iterative process for manage- 
ment of geological risks, which in turn improves project safety and sustainability, optimises 
excavation methods, and enhances time and cost control. 

The uncertainty that afflicts the EGM is of two types (Dematteis et al., 2023 in press): the 
uncertainty of the conceptual model and that relating to observational data and their mathem- 
atical interpretations. Conceptual uncertainty refers to the conceptual part of the model, 
which is mainly based on geological concepts and interpretations that also incorporate the 
engineering purpose of the model, due to a lack of knowledge and bias of the observer. On the 
other hand, the uncertainty concerning the Observational Model, which is mainly based on 
engineering and geological observations and measurements, is due to variability and random- 
ness of the intrinsic properties of the system. Both types of uncertainties within the EGM will 
reduce the reliability of the project engineering and increase the potential for project risks. 
Therefore, the uncertainty has to be assessed, and strategies developed to reduce that uncer- 
tainty and the associated project risks to agreed levels. 

Since there are now standard methods proposed in the literature to evaluate the uncertain- 
ties of the EGM, which obviously affects the reliability of the GBR, it is suggested that the 
GBR includes a clear description of the uncertainty of the EGM. 

It is noted that updating of the EGM during the final design and ground investigation 
stages, before the construction stage, may potentially highlight changes in the baselines, lead- 
ing to a contractual issue. The contractual parties may not wish to enter into a renegotiation 
of the GBR before excavation is completed. However, these changes may improve the reliabil- 
ity of the EGM and facilitate project delivery. Any new geotechnical knowledge acquired after 
definition of the contractual GBR shall always be reflected in design and construction 
methods. It is recommended then to include in the GBR a process for considering those 
changes in the EGM that occur post contractual GBR. 

As more projects adopt Digital Engineering, updating the EGM with evolving site conditions 
as part of the Project Information Model is considered essential for building a subsurface digital 
twin. When implemented appropriately, the benefits to be reaped are expected to continue from 
pre-construction to asset management in the operations and maintenance phase. 


3.2 Selection and definition of physical and behavioural baselines 


There is a range of potential physical and behavioural baselines which may be selected for 
inclusion into a GBR. Behavioural baselines are however less straightforward as it has to take 
into account the construction methodology which may not be confirmed until the tender nego- 
tiation stage is over. Early Contractor Involvement and consultation with the industry prior 
to tender stage may provide guidance but the construction methodology is ultimately dictated 
by the winning bidder. 

Based on the authors’ experience, the GBR should only include baselines for selected 
parameters which are: 


e relevant to a bidder’s planning and pricing; 
e measurable and verifiable with clarity during construction; and 
* not resulting in negative net impacts from the processes of implementing the GBR baselines. 
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In a major government project with TBM tunnels, abrasivity and boreability parameters 
were baselined with payment rates which are not commensurate with the time and costs spent 
in measurement, reporting, verification and the related commercial and contractual adminis- 
tration steps. The baselines were set up in theory to allow remeasurement and adjustment of 
construction time and cost. The linear metre rate to be compensated to the contractor for 
exceeding the baseline was not significantly more than the total cost of testing and reporting, 
not to mention the distraction to construction team and hindrances caused by such activities. 
At a higher level, the management time of senior personnel from both the client and contrac- 
tor, which could be better spent on running the project, was lost. As a result, construction 
productivity, as a key factor for the success of the time critical project, suffered significantly. 

Each baseline parameter should be analysed and evaluated against the methodology of 
measurement and verification and against the anticipated impact to the various departments 
of the client and the contractor prior to inclusion in the GBR. It is obvious that it defeats the 
overall project objective if too many parameters are defined in the GBR with multiple classes 
or categories of values, and the corresponding measurement and verification activities on site 
and in office are so resource intensive that the overall compliance cost outweighs the benefits 
when the loss in construction productivity is considered. This is particularly the case when 
skills and manpower shortages dominate the headlines in the construction industry. 

It is often too late when a burdensome situation is discovered during construction. Renego- 
tiating the GBR is a tedious and messy option which is unlikely to be attempted. The agreed 
GBR baselines normally have to be continued by default, even if they are done for the sake of 
fulfilling a contractual obligation without net benefits. 

From experience, it is suggested the inclusion of each baseline be subjected to some sanity 
checks during the GBR drafting process: 


e Is the baseline parameter measurable and verifiable in a practical manner? What is the over- 
all compliance cost taking into account direct costs for sampling, testing, reporting, pro- 
cessing, work stoppage/hindrances (if any), and consequential costs such as loss of 
productivity, diversion of resources, management time and other opportunity costs? 

¢ Ifthe ground conditions pose a relatively low risk for tunnelling and underground excava- 
tion, is it more efficient for the project not to include relief mechanisms for certain packages 
or sections to avoid the need for measuring and assessing various parameters during the 
construction stage? 

e Are there any real, tangible and meaningful net benefits from implementing a baseline in 
terms of safety, project delivery, and better risk allocation in the context of the project- 
specific ground condition? 

e Beside considering the overall benefits against the costs, does the process drive the desirable 
behaviour and how does it affect the relationship between contractual parties? 


3.3 Measurement and verification during construction 


There are several critical aspects concerning the measurement and verification during construc- 
tion of the parameters that define the application of the GBR and therefore of the contract. 

In tunnel design and construction it must first of all be highlighted the difference between 
the real possibilities of collecting data for mechanised excavation versus conventional excava- 
tion methods. On one hand, conventional methods (such as Drill & Blast) allow great flexibil- 
ity in mapping and investigations to extrapolate the parameters required for defining the 
ground conditions; on the other hand in the case of TBM tunnelling, the excavation process is 
linked to an “industrialised” cycle which can only integrate fewer data obtained from prior 
surveys with indirect interpretation of the operational parameters. 

A practical example to illustrate what has been introduced refers to a major project in which 
GBR was used for tunnel excavation in rock with both TBM and Drill & Blast methods. For 
the application of Support Class (SC) with TBM, i.e. for the selection of the type of segment to 
be installed, the GBR theoretically provided for the possibility of defining a Ground Behaviour 
(GB) on the basis of the investigation of specific parameters such as the Geological Strength 
Index (GSI)/Rock Mass Rating (RMR), Competency Index (IC), Ko value (representing in situ 
stress condition) and tunnel strain. This kind of measurement of geological conditions for GB is 
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suitable for D&B excavation but not for TBM excavation. The practical impossibility of defin- 
ing some of the parameters chosen by the GBR for mechanised excavation had made the 
method strictly not applicable, when face mapping was not required nor supposed to be carried 
out for a TBM tunnel when most of the face is not visible. Having a series of observations that 
are not feasible, reliable and repeatable within a TBM tunnel is simply futile. 

Nevertheless, in order to comply with the GBR, the road to defining a criterion for the 
determination of GBs and the application of SC had been undertaken on site. To fill the gaps 
it was decided to define a methodology in a geological data acquisition and management 
document which allowed, through the use of available data (direct surveys, analysis of 
machine parameters etc.), the applicability of the GBR method. 

The following table shows an example of the data acquisition tasks considered for TBM 
excavation in the present case: 


Table 1. Data acquisition tasks for the determin- 
ation of GB and SC for TBM excavation. 


A - Probe Hole Drilling (and water inflow recording) 
B - Analysing TBM Operation Parameters 

C - Face Mapping 

D - Laboratory Testing on Excavated Material 

E - Geotechnical Instrumentation and Monitoring 

F - TBM Field Penetration Test 

G - Additional field data and interpretation 


As mentioned, for the specific characteristics of the mechanised excavation the completeness 
of the information relating to each task was clearly related to the limits that the excavation 
method offers. For example in Task A, the estimate of the Ground Type, of the geomechani- 
cal conditions up to the definition of the Ground Behaviour was subjected to the limits that 
drilling a probe hole through the TBM shield impose. It was implemented through specific 
procedures including logging of the return rock chips, recording of water inflow, drilling 
parameters (such as Working Pressure, Percussion Pressure, Water Pressure, Air Pressure, 
Drilling Speed, Boring Time, Total Time, Excavation Length, Thrust Force, Torque, Rotation 
Speed), derived parameters (such as Advance Rate, Penetration Rate, Net Boring Speed), 
OTV (Optical Televiewer log with interpretation of defects) along the entire probe hole length 
(to calculate GSI, RMR etc.) and endoscopic camera where OTV was not feasible. 

In the process of defining the GBs and SCs the outcomes deriving from each of the tasks were 
analysed in terms of their relationship within a Multi-Criteria Decision Analysis (MCDA) and 
discussed during the daily monitoring meetings to reach a validation of results and their consoli- 
dation. It is also important to underline how this type of tool must provide, during its applica- 
tion, revisions that take into account the learning curve typical of tunnel excavations. 

The lesson learned from this specific case therefore suggests a different definition of the 
GBs on site already in the drafting and negotiation phase for the final GBR, based on the 
excavation methods and the practical possibilities of investigation granted by each method. It 
should be anticipated in this phase the definition of a tool that is drawn up by the contractor 
and then shared and approved by the contractual parties before commencement of the works. 
The use of such a tool during construction should aim to strike a balance between the client 
and the contractor in the application of the GBR, resulting in a practical approach which ful- 
fils the requirements of the GBR and the possibilities offered by the excavation method used. 


3.4 Competencies required for drafting and administering GBR 


It cannot be overemphasised that it is important to use experienced and competent consultants 
who are knowledgeable in technical, commercial and contractual matters during the drafting, 
review and negotiation phases of a GBR. Consultants who do not have sufficient project 
experience and commercial awareness may not provide proper advice on the GBR contents, 
especially on the selection of parameters and setting of baselines. 
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Prior to engaging a consultant for GBR, the client should examine the team setup to ensure 
that suitably experienced and competent professionals are available for the tasks. The liability of 
the GBR consultant should also be clarified prior to engagement to avoid misunderstanding 
between the client and the author. In a major tunnel project, an international consultant was 
engaged to take the lead but it turned out that most of the contents were prepared by more junior 
local personnel who did not have the relevant experience to understand the impacts of each base- 
line on project implementation, and thus delaying and compromising the drafting process. 

Despite the recommendations of the ASCE Gold Book, a rising trend of disputes has been 
observed in recent years (Essex et al., 2022). It appears that the litigation culture in the United 
States has led to a vicious cycle of risk-averse engineers being overconservative in drafting 
baseline statements, forcing contractors to disregard the baselines and to resort to other mech- 
anisms in a dispute. The trend brings to mind some questions on the gaps in expectation 
between the client and the GBR author and the underlying reasons, and whether the non- 
exclusivity nature of GBR in the ASCE Gold Book approach reduces disputes or renders it 
more conducive to effective dispute resolution. 

Given the order of priority and importance of GBR in risk allocation, it is essential that both 
the client and the contractor assign sufficient and experienced resources for contract administra- 
tion in the implementation phase. If the personnel involved in negotiation related to GBR in the 
tender phase do not continue in the project team after contract award, as often encountered, 
handover briefing should be held to facilitate continuity and transfer of knowledge for imple- 
mentation. Key representatives on GBR from both the client and contractor sides should pos- 
sess sound technical and contractual knowledge and communicate regularly as counterparts. It 
should not be left to personnel without relevant project implementation experience or those new 
to the project to interpret the contents of GBR differently. As an example, in another large pro- 
ject with cavern and connecting tunnels, junior engineers from the client’s team were allowed to 
interpret partial contents of a GBR during design review without coordination, causing confu- 
sion and delay towards the process of securing design approval. 


3.5 Differing site conditions and foreseeability 


From a project client’s perspective, there are compelling reasons to attract potential contrac- 
tors with a risk sharing mechanism which promotes competitive bidding and reduces bid con- 
tingency for unexpected conditions so as to achieve the best value for money outcome. Hence, 
the preparation of GBR as a tool to help achieve such goals requires careful considerations 
from the perspectives of both the client and the bidder. Beside concerns on ground contamin- 
ation, presence of utilities and physical obstructions, the project planning team needs to con- 
sider if there are any major ground risks and uncertainties that would deter bidders. 

In the ASCE Gold Book approach, whereby a site condition that is silent in the GBR but fore- 
seeable by an experienced and competent contractor based on Information Documents (e.g. Geo- 
technical Factual Reports) is not claimable, the contractor may not consider the GBR as a very 
effective risk sharing tool. This is because when the contractor is entitled to relief only when 
a Differing Site Conditions (DSC) is demonstrated to be unforeseen, they have to be prepared to 
process and scrutinise all available data with likely arguments with the client on what constitutes 
“foreseeable”. The additional toll on management time for the contracting parties and the poten- 
tial for worsening of relationship may be more damaging to the remaining project period. 

On the contrary, the Emerald Book approach is seen as more clear cut, whereby GBR is the 
only contractual source and basis for subsurface risk allocation and determination of claims. 
The various questions posed by Hatem (2021) on this topic are worth considering. 

The ASCE Gold Book approach may allow a GBR to be less precise and/or complete in its 
contents, which may be favoured by a consultant in a litigative environment. Nevertheless, the 
contract should be backed up with an effective dispute resolution mechanism to alleviate the 
shortcomings of having possibly vague statements and sources of information on foreseeability. 


3.6 Form of contract and GBR 


The form of contract will affect the contents and even the necessity of a GBR document in 
a project. With a more collaborative method of project delivery, such as the Alliance model, it 
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is considered unnecessary to prepare a document called GBR, provided that the available 
ground investigation information is processed and captured in the Geotechnical Interpretative 
Report, serving as reference for Alliance partners in risk sharing. Utilities, physical obstruc- 
tion and contamination related issues may be addressed by contractual clauses outside the 
GBR to the same effect. 

In order to avoid excessive risk contingency by the bidders, an Adjustment Event mechanism 
for relief should still be drafted to cover extreme geotechnical conditions in an Alliance contract. 
These are intended to be the only geotechnical conditions which give rise to variation relief. 


4 SUMMARY OF LESSONS LEARNED AND RECOMMENDATIONS 


The success of underground infrastructure projects which are often capital intensive and sub- 
ject to reputational damage can be significantly affected by the issues mentioned in this paper. 
A summary of the lessons learned and recommendations is presented here: 


e A process for considering changes in the Engineering Geological Model that occur after the 
definition of the contractual GBR should be incorporated. 

¢ The net impact of implementing a baseline considering the overall benefits and costs should 
be evaluated before the baseline parameter is selected and defined in the GBR. 

°- To enable a more effective and efficient use of the GBR, it is necessary not to define rigid 
rules for the application of the various interventions envisaged in the works, but to allow 
versatility during the drafting phase depending on the type of application. 

¢ The GBR must provide practical and effective rules for measuring and verifying the actual 
geological and geomechanical conditions during underground excavation to select the sup- 
port classes to be installed. In the case of mechanised excavation with shielded TBMs, an 
applicable method needs to be defined to avoid classifying the ground behaviour with 
methods adapted for Drill & Blast in an impractical manner. 

¢ The project experience and competency of the GBR drafting and administration teams are 
critical for producing a practical GBR and for the subsequent execution. 

¢ The approach on foreseeability and even the necessity of using a GBR document for risk 
allocation should be considered in a highly customised, project-specific manner. 


DISCLAIMER 


The opinions expressed in this paper are those of the authors. They do not purport to reflect 
the views, positions or policies of their employers. 
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ABSTRACT: This research investigated the long-term degradation potential of the soft rock 
sampled from a real tunnel site through X-ray diffraction analysis (XRD), accelerated slaking 
test, and creep test. The minerals contained in the samples were analyzed by XRD, and expan- 
sive minerals and wearable minerals have been found. Further, an accelerated slaking test was 
conducted to discuss the possible slaking. Moreover, the creep test using triaxial test appar- 
atus was conducted to check the strength reduction due to slaking. The experimental result 
indicates that some minerals have the property of degradation and sedimentation and are one 
of the factors that cause rocks to slake. Based on the acceleration slaking test, the sample can 
be separated to level 2, so the rock is not easy to slake. Creep property and significant strength 
loss of the rock were obtained for this rock trough creep tests. 


1 GENERAL INSTRUCTIONS 


Nowadays, many large tunnel deformations, such as floor heaving and section shrinkage, are 
reported in the service tunnel. The degradation of the excavation ground due to swelling or 
slaking of the soft rock is one of these large deformations. However, soft rock degradation 
may be a long-term process that does not show up for many years. The excavation of under- 
ground caverns can alter the natural stress field of the surrounding rock. In tunnel projects, 
soft rock shows obvious creep properties and time effects. The time effect of excavation not 
only causes decompression of the floor and increases sidewall stress but also leads to stress 
concentration at the corners of the excavation, which influences the stability of the surround- 
ing rock in a very complex manner. 

There are more than 10,000 tunnels in Japan. Many of these tunnels are increasingly aging, 
with some 34% expected to be more than 50 years old by 2023, and 16% of them need repair- 
ing. Herein, it is considered necessary to predict the future degradation behavior of tunnels 
for the design or repairing phase. Field observation is an intuitive way to investigate the crack- 
ing of linings. For example, Inokuma and Inano (1996) found that the main factors that 
caused defects in the linings of tunnels on Japanese highways were variations in the ground 
pressure, degradation of materials, seepage, and frost damage. 

Linings are prone to form cracks under the action of various environmental factors, and their 
cracking patterns can be divided into two categories, i.e., sudden failure and progressive failure. 
Progressive failure is more common than sudden failure due to cracking, aging, and other deteri- 
oration in linings during operation. In addition, the damage to linings increases as time passes. 

Therefore, future tunnel projects will focus on repair and maintenance rather than construc- 
tion projects. However, the reality is that tunnel maintenance and repair costs are being 
reduced and the number of people involved in maintenance work is also decreasing. There- 
fore, in future tunnel repair projects, it will be necessary from economic, personnel, and effi- 
ciency perspectives to select more dangerous and essential tunnels from those that need repair 
and to predict future behavior changes based on the surrounding ground condition. In 
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selecting tunnels and predicting tunnel deterioration, it may be possible to make accurate esti- 
mates based on the characteristics and behavior of the ground actually sampled around 
tunnels. 


2 OUTLINE OF THE SAMPLES AND TEST 


2.1 Test samples 


Samples were collected from a railway station construction site about 25 m below the ground 
surface. The tunnel was constructed by the shield tunneling method in the mudstone that formed 
in the early Pleistocene. Block sampling was conducted to collect the undisturbed samples. 


2.2 X-Ray diffraction analysis (XRD) 


Figure 1 shows the measurement and qualitative analysis results using an X-ray diffractometer 
(XRD below). The horizontal axis shows the diffraction angle 20 [°], and the vertical axis 
shows the intensity [cps]. Representative peaks are marked in the figure. The XRD results 
indicated that the sample contained albite, calcite, quartz, anorthite, calcite, and cristobalite. 

The calcite, anorthite, and albite are water-soluble. Calcium ions in calcite and anorthite 
and the magnesium ions in albite can dissolve in water. In addition to their water-soluble char- 
acteristics, albite, anorthite, and calcite are chemically reactive when reacted with water, 
resulting in chemical weathering. These properties may contribute to slaking, which is thought 
to cause sedimentation of the rocks. Further, orthoclase and microcline are also found in this 
sample. Orthoclase is part of the potassium-rich feldspar family and, like al-bite, anorthite, 
and calcite, is known to undergo weathering due to the dissociation of po-hassium in the 
water. However, in orthoclase, the potassium-rich part of the feldspar is separated while still 
in a solid state, a phenomenon known as slaking. Slaking is a phenomenon that causes sedi- 
mentation and fragmentation of rocks, and it is thought that the dissolution of potassium 
may hinder the slaking phenomenon. 


2500 
: albite 
2000 : quartz 
a : anorthite 
S : calcite 
21500 par i 
D : cristobalite 
D Z : orthoclase 
5 1000 : microcline 
© 
500 
0 


Figure 1. X-ray diffraction curve. 


2.3 Slaking test 


Yamaguchi et al. (1989) conducted laboratory slaking tests on Neogene mudstones distributed 
in the suburbs of Yokosuka City, Kanagawa Prefecture, Japan. They examined the basic 
issues related to mudstone slaking characteristics by measuring the fragmented rock frag- 
ments’ fragmentation degree and pore distribution. The samples were collected from about 
50~100 cm below the surface. Five types of slaking tests are conducted to measure the slaking, 
a series of repeated processes combining drying, water immersion, and freezing operations at 
different temperatures. This slaking test was designed based on the “Methods and 
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Explanations of Geotechnical Materials Testing” by the Japan Society of Geotechnical Engin- 
eers (JSEE) and referring to the test method of Yamaguchi et al. (1989). 

The schematic diagram of the slaking test is shown in Figure 2. The slaking test is started 
from the wetting process. Before the test, the specimen was air-dried in a drying oven for more 
than 48 hours to make it fully dry. Then, the specimen is moved to a drying box at room tem- 
perature to cool down. The drying box is used to keep the water content in the specimen does 
not change. Then the mass of the specimen at that time is measured. Next, the specimens are 
immersed in distilled water at room temperature for 24 hours for the wetting cycle. The distilled 
water is poured into the water to a height of about 10 mm above the specimen so that the speci- 
men is completely submerged. After 24 hours, the specimen was drained using a pipette or drop- 
per, the test vessel was tilted, and the water spontaneously separated was drained off by 
absorbing it with filter paper. During this process, be careful not to vibrate the test vessel, and 
thoroughly wipe off any water adhering to the vessel with filter paper or the like. After the 
water has been thoroughly wiped away, measure the mass of the specimen at that time. Next, 
air-dry the specimen for at least 24 hours to dry out the water in the specimen. After air-drying, 
the specimen is again placed in a constant-temperature drying oven at 40°C for 48 hours. The 
specimens are observed after each cycle, and the changes over time are compared. 

The specimens were subjected to 16 cycles of wetting and drying cycles. The deterioration 
condition of the samples was observed by taking a high-resolution picture after each step. 
Figure 3a) shows the condition of the specimen before slaking test. Figure 3b) shows the condi- 
tion of the specimen after 10 cycles, and Figure 3c) shows after 16 cycles of the slaking test of 
each specimen. The specimens’ specific surface area and crack length were measured. Image pro- 
cessing tool ImageJ (Image Processing and Analysis in Java) was employed for this process. Use 
results up to the 10th cycle for crack. The crack length divided by the specific surface area is 
used to evaluate the results, and the degree of slaking is discussed from the results of each cycle. 
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Figure 2. Schematic diagram of slaking test. 
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Figure 3. The condition of the specimen a) before, b) after 10, and c) 16 wetting-drying cycles. 
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2.4 Triaxial test and creep test 


The specimens used in this study were drainage compression tests (CD tests) using soft clayey 
rock collected during tunnel excavation. The strain rate for shearing was set at 0.10 (%/min), 
and the experimental patterns were varied by increasing and decreasing the strain rate to com- 
pare the results of each test. Cylindrical specimens of 50 mm x 100 mm were prepared from 
soft clayey rock collected during tunnel excavation. The specimens will be carefully prepared 
to be as smooth as possible using a saw, an electric grinder, a straight knife, and a specimen 
mold. After the specimen is prepared, measure the diameter and height of the specimen using 
calipers and measure its mass at the same time. The prepared specimen is placed in the triaxial 
compression testing machine shown in Figure 4. 

The triaxial test includes four stages: installation, saturation, consolidation, and shear. The 
installation stage consists of placing the specimen on the pedestal. The double vacuum 
method is used in the saturation stage to ensure the high saturation degree of the specimen. 
When considering the B-value (increment of pore water pressure/ cell pressure) is larger than 
0.95, then move to the consolidation stage. After that, the consolidation stage was started by 
opening the drainage valve, and it was finished when no more displacement was recorded. 
Then, shear the specimen under draining conditions. During shear, the displacement of the 
specimen and axial differential stresses, as well as the volume change, are recorded. For the 
creep test, the pressure is gradually increased to a certain level, which is smaller than the peak 
stress from the triaxial test, then keep the pressure constant. Then changes in the displacement 
and the volume of the specimen are recorded in the creep test. 
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Figure 4. Triaxial compression testing machine. 


3 RESULTS AND DISCUSSION 


3.1 Result of slaking test 


The condition of the specimens is shown in Figure 3. From the photos, the slaking is developing 
with the drying and wetting cycles. For comparison, the crack length has been measured from the 
picture, and Figure 5 shows the variation in the total length of the cracks. The figure shows that 
cracking in the specimens increased as the number of cycles of drying and immersion increased. 
This result indicates that slaking is uniformly distributed in the tunnel and that the ground is sus- 
ceptible to sedimentation when subjected to repeated drying and water immersion cycles. 

Although it is already known that slaking and sedimentation are caused by repeated drying 
and wetting of rocks, it is unknown whether they are more pronounced when the rocks are 
wetted or dried. Therefore, we compared the total amount of crack displacement per unit sur- 
face area of the specimens when they were wetted and when they were dried based on the 
experimental data obtained in this study. The summed results are shown in Figure 6. The 
results indicate that slaking occurs due to the rock’s dissolution, causing deterioration of the 
surrounding grounds. However, cracking due to drying also occurs, indicating that rock 
drying also contributes to the occurrence of slaking. 
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The results show that cracking and slaking is more pronounced when the rock is wetted 
than when it is dried, with a difference of more than twice as large. Rocks shrink when dried 
and expand when wet. This result indicates that slaking is caused by the expansion of the 
rock, which leads to deterioration of the rock. However, cracking due to drying also occurs, 
indicating that drying of the rock also contributes to slaking. Photographs taken every 30 min- 
utes of the specimens immersed in water for 24 hours show that slaking and cracking were 
completed within the first 2 hours for all specimens. This result indicates that slaking occurs 
during the transition process from dry to wet and that water immersion for a few hours does 
not affect the specimens significantly. 

Next, the differences in the occurrence of slaking and cracking as a function of the number of 
cycles of drying and wetting are discussed. Figure 7 shows a comparison of the change in the 
amount of cracking that occurred during wetting and the number of specimens that were 
reduced to small pieces as a function of the number of cycles. The results show that the amount 
of slaking and cracking decreases as the number of cycles of drying and wetting increases. How- 
ever, when the specimens are reduced to small pieces due to cracking, the slaking becomes more 
pronounced due to the increase in the specimen’s substantial water contact surface. 

Finally, the maximum edge length, which is the longest edge of the specimen, is discussed. 
Figure 8 shows the maximum edge length of the specimen in relation to the number of cycles of 
drying and immersion. The figure shows that the maximum edge length decreases with the 
increasing number of cycles, although it sometimes increases or decreases within the number of 
cycles. This is due to the specimen’s inability to maintain its original state due to fragmentation 
and slaking. The increase in the number of cycles is because the specimens swelled due to water 
absorption and were not fragmented. In the cycles in which the side length remained constant 
and neither increased nor decreased, it is considered that the sedimentation by slaking, and the 
water absorption expansion occurred almost simultaneously and remained constant. 
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Figure 5. Length of crack. 


3.2 Result of CD and creep test 


The results of the CD test are shown in Figure 9. The loading was stopped at around 2000 
kPa because no peak was observed at the strain rate of 0.40%/min, but peaks were observed at 
other strain rates. In previous studies, strain-rate dependence has been found to operate in 
mudstone. Strain rate dependence is a property in which the maximum principal stress differ- 
ence decreases with decreasing strain rate, and the graph is a ductile curve. In the results of 
this study, the maximum principal stress difference decreases in order from the strain rate of 
0.40%/min, indicating that a ductile curve is drawn. In other words, the specimens used in this 
study have a strain rate dependence. Therefore, the specimens exhibit high strength under 
loading at high strain rates and low strength at low strain rates. 
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Figure 7. Number of the slice samples. 
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Figure 9. Deviator stress-Axial strain curve of CD test. 


3.3 Result of the creep test 


To elucidate the creep properties of mudstone, Nishi (1997) conducted creep experiments on 
rocks saturated with water. Using a triaxial compression test apparatus, mudstone was com- 
pacted to normal confining pressure and then sheared under drainage conditions, and volu- 
metric strain development (dilatancy) was observed as the shear deformation progressed. 

The results were obtained for the relationship between axial strain and elapsed time and 
between volumetric strain and elapsed time, respectively, under a confining pressure of 98 
kPa. The test results show that axial strain increases with time, but there are two types of 
behavior: one is that the axial strain almost converges within the measured time range, and 
the other is that the strain leads to failure. This behavior is inherent not only in mudstone but 
also in many other materials. In the case of volumetric strain, volume expansion was observed 
after a certain time. It is concluded that this is a time-dependent behavior of dilatancy, which 
is a creep phenomenon unique to strongly over-consolidated clays and mudstone. 

In the creep test results conducted this time, loading was conducted by gradually increasing 
the principal stress difference from 500 kPa to 700 kPa, to 900 kPa. When the principal stress 
difference was changed, the behavior was checked by leaving the specimen until the displace- 
ment became small. A graph combining the creep test results with the CD test results is shown 
in Figure 10. 

The figure shows that the creep test results are lower than the CD test results, and the creep 
test results show higher strains for the same principal stress difference. Previous studies have 
shown that strain and stress in a material change with time, such as creep and stress relax- 
ation, and that these changes are time-dependent. In addition, loading with a strain rate as 
close to zero as possible, i.e., the loading in the present creep test, is in the lower part of the 
test results from the strain rate loading, and the material will fail if stress greater than the 
peak in the creep loading is applied. The peak of the creep loading is located below the peak 
of the strain-rate loading. Since the peak in creep loading is smaller than the peak in strain 
loading, it can be said that creep failure is more likely to occur. Although the test results 
obtained in this study did not lead to failure within the stress applied, the results are like those 
of previous studies, indicating the existence of time dependency and the risk of creep failure. 

It has been shown that when stress is held constant from a state of shear with a given strain 
rate, the material progresses to a creep curve, and when the strain is held constant, the stress 
decreases as the material approaches an equilibrium state. This property is called time depend- 
ence, which means that the strain and stress in a material change with time, such as creep and 
stress relaxation. 
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Figure 10. Deviator stress-Axial strain curve of creep test. 


4 CONCLUSION 


In this study, slaking tests, X-ray diffraction analysis, triaxial compression tests, and creep 
tests were conducted on mudstone obtained from tunnel excavation work to elucidate the 
behavior of deterioration from minerals contained in the rocks and the strength and creep 
properties of the ground. The following is a summary of the findings. 

The accelerated slaking test found that the rocks underwent fragmentation, sedimentation, 
and slaking after repeated drying and immersion in water. Slaking was most pronounced 
during the transition from drying to immersion and slaking increased as the rock became 
more fragmented. The amount of slaking increased as the rock became more fragmented, pos- 
sibly due to the expansion of the dried rock as it absorbed water. Slaking also occurred during 
the transition from immersion to drying, indicating that slaking also occurs when the wet rock 
shrinks due to drying. 

X-ray diffraction analysis revealed several minerals in the collected rocks. Some of these 
minerals are known to cause weathering and sedimentation, which is one of the reasons for 
the slaking of the rocks. The degree of slaking differs depending on the minerals contained. 

For the triaxial compression and creep tests, the strain dependency of the mudstone was 
observed from CD test. Moreover, the possibility of creep is also found in the creep test. This 
result indicates that the load act on the tunnel lining can change because of the time- 
dependent behavior of the mudstone. 
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ABSTRACT: The paper presents the application of the ground freezing for the construction 
of the cross-passages in the downtown stretch of the Milan Metro Line 4. The design require- 
ments of the ground freezing, as well as the materials and equipment used will be described in 
detail; the design criteria will be focused by means of analytical and FEM analyses, concerning 
the thermal and static behavior of the frozen ground during excavation. The monitoring 
system to follow up and calibrate the freezing process will be illustrated too. Finally, some 
aspects and detailing deriving from the jobsites and construction process will be described, 
which represent a lesson learned very useful for future applications. 


1 INTRODUCTION 


Metro Line 4 crosses Milan with a length of about 15 km, from west to east, crossing 
the downtown up to Linate Airport. The running tunnels have been bored using EPB- 
TBM and segmental lining. For the central section, from “Tricolore” Station to “Coni 
Zugna” Station, two TBM machines with a diameter of 9.15 m have been used, to 
include the platforms of the stations; the connections with the station shafts are pro- 
vided by cross-passages, three for each platform. Further cross-passages are located for 
the access to ventilation and escape shafts, two for each of them. The excavations for 
the shafts reach to the depths of up to 30-35 m, in very poor geotechnical conditions, 
mainly represented by sand, gravel and silty sand. The piezometric heads are very high 
too, up to 15-20 m above the cross-passages’ crown. Considering the difficult geotech- 
nical and groundwater context, the technology of ground freezing, coupled with a pre- 
treatment by injection of cement mixture, has been designed to perform the excavation 
of the cross-passages in safe conditions. The project provides 42 cross-passages, located 
in eleven jobsites (5 stations and 6 ventilation and escape shafts); so, an extensive use 
of the AGF method has been applied, allowing to refine an “industrialization process” 
of the technology for the first time in Italy and among the most significant in the 
world. The civil works were carried out by “Metro Blu”, made up 100% by Webuild, 
which operates on behalf of the EPC contractor “CMM4”. The project was performed 
by Rocksoil, supported by Pettinaroli Engineering. 
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2 CROSS-PASSAGES’ LAYOUT AND LOCATION 


The stations in the central stretch of the metro line (named S. Ambrogio, De Amicis, S Sofia, 
Sforza Policlinico and S. Babila) and the ventilation and escape shafts (named S Vittore, De 
Amicis, Ticinese, Vettabbia, S Calimero and S Damiano) do not interfere with the line tun- 
nels, because of their narrow dimensions planned to minimize the impact of their construction 
on the road network of the downtown of Milan. Therefore, the tunnels will run beside the 
structures and will be connected by means of short cross-passages to be excavated by conven- 
tional method. The number of cross-passages is 6 for each station (generally 4 dedicated to the 
transit of passengers and 2 also to the ventilation pipes passages in the lower part of the sec- 
tion) and 2 for each shaft, for the transit of passengers in emergency situations. Their dimen- 
sion is variable according to their function, with excavation area varies from about 15 m? to 
38 m, while the length is normally ranging between few meters up to 10m; just one cross- 
passage, at Vettabbia Shaft, reaches an higher length of around 18 m. Figure | shows a plan 
of the stations and shafts position into the Milan urban context; the works are distributed 
along an inner ring, called Cerchia dei Navigli, from S. Damiano Shaft to S. Vittore Shaft. The 
figure points out the high number of jobsites, spread over about 3.5 km. The cross-section of 
the cross-passages are visible in Figures 3 and 4. 


Figure 1. View of the sites’ location of stations and shafts. 


3 GEOTECHNICAL CONTEXT AND GROUNDWATER CONDITIONS 


The soils under Milan are part of sedimentary deposits, belonging to the fluvio-glacial Wurm 
period, consisting of sandy gravel with local lenses of fine silty sand. On top, it is present 
a surficial layer, characterized by anthropogenic filling with coarse grain size, having 
a thickness variable between 1 and 3 meters, that doesn’t affect the excavation. The cross- 
passages are located 28-34 m belove the ground level. At this depth, the grain size curves show 
an average presence of 50% of sand, 30% of gravel and 15-20% of silts with clay; as a matter 
of fact, the random inclusion of layers with higher percentage of fine granulometry, and thick- 
ness varying from few centimeters up to 1-2 meters, can represent a critical issue on respect to 
grouting technologies to be carefully investigated. The relative density of the deposits is 
between 50% and 70%, with Ng, values, derived by standard penetrometer tests (SPT), ran- 
ging between 20 and 40 (unit weight in the range 19-21 KN/m*). The soil mechanical proper- 
ties vary in the following ranges: friction angle between 33° and 38°; nil cohesion; modulus of 
deformability increasing with depth, from 20-30 MPa on the surface up to 150-300 MPa at the 
depth cross-passages. The permeability values are included in the range between 8-10% m/s 
and 1-10* m/s, hanging on the granulometric distribution. Finally, the groundwater level lies 
in average around 104-105 m above the sea level; the ground level is about 118 m a.s.l., so that 
the water table level lies 13-15 m below the ground level. referring to the to the invert excava- 
tion level of cross-passages, ranging from 84 to 92 a.s.l., the hydrostatic head is very high, 
from 12 m up to 18 m, corresponding to 1.2-1.8 bar. 
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4 ARTIFICIAL GROUND FREEZING - DESIGN CRITERIA 


To excavate the cross-passages in safe conditions, it’s necessary to guarantee both core-face and 
cavity’s stable conditions (Lunardi, 2008), as well as it should be avoided draining water during 
the excavation phases. It is very important to operate in static groundwater conditions, to prevent 
any subsidence phenomena at ground level and the risk of seepage with dragging material inside 
the excavation. This issue has been carefully considered, as the excavations must be carried out 
into an urban context, in presence of several historical and residential buildings. For this reason, it 
was designed to excavate the cross-passages under the protection of a soil grouting and artificial 
ground freezing treatment. Soil grouting by permeation, using the TAM “tube-a-manchette” 
method (Tornaghi, 1978), is a technique commonly used in Milan, which allows to improve the 
mechanical properties of ground and reduce its permeability; by the injection of cement mixture, 
coupled with silica mixture, for soil thicknesses of 3.0-4.0 m around the cavity, it’s possible to sup- 
port and waterproof the excavation profile. This technique may not be fully effective in the pres- 
ence of layers with non-negligible percentage of fine soil, coupled with high hydrostatic level; it 
runs the risk that in very locally layer of soil, not perfectly grouted by injection due to their low 
permeability, start seepage phenomena stressed by the high-water pressure. The above-described 
conditions are often present along the metro line 4, that reaches depths up to 30-40 for the first 
time in Milan; so it was decided to combine the permeation grouting with the freezing technology. 


4.1 The artificial ground freezing (AGF) technology 


The technique of artificial ground freezing (AGF), in this specific case executed and managed dir- 
ectly by Webuild, consists in freezing the water included in the ground by transferring frigories. 
This is achieved through the passage of a cooling fluid (nitrogen or brine) through steel probes 
embedded in the ground, arranged according to the geometry of the ice wall to be created (Sanger 
and Sayles, 1979; Pettinaroli et al. 2016, Lunardi et al., 2019). The effect of freezing is to perfectly 
waterproof the soil and to improve its mechanical characteristics, which strength depends directly 
on the temperature reached in the ground. The freezing process has two main phases: a) the initial 
“freezing phase”, where the soil is intensively cooled until it reaches the designed temperature in 
all control point, so to create the defined frozen soil thickness; b) the “freezing maintenance 
phase”, during which the inflow of frigories is calibrated to guarantee the preservation of the 
frozen soil thickness for the timing necessary, in this case, to excavate the cross-passages and to 
complete the works by casting the final lining. Two freezing methods can be adopted: the “open 
system” using the nitrogen as coolant, or the “closed system”, using the brine. For the current 
works the first method have been used, to reduce as much as possible the freezing time. The 
“closed system”, by using brine, has been adopted just at “Vettabbia” shaft; the high length of 
these cross-passages would have required a larger amount of nitrogen delivery in few days, not 
available on the market at the moment of the works. In Figure 2, a conceptual layout of the 
“open system” is reported; the layout for the “closed system” are conceptually similar, except for 
the fact that the brine, that comes out of the probes at a higher temperature than the initial one, is 
sent to a chiller where it is cooled again and then sent back into the circuit, to repeat the cycle. 


4.2 Design concept 


Due to the above-described conditions, the design of the treatments for the cross-passages excava- 
tion has been approached by coupling the freezing technology and the soil permeation grouting. 
The grouted soil thickness, injected via TAM by cement and silica grouts, supports the ground 
pressure (so to reduce the frozen soil thickness needed), while the frozen shell guarantees just the 
watertightness of the excavation and supports the hydrostatic pressures, avoiding thus any risk of 
seepage and dragging. Moreover, the action of the permeation grouting on the soil is to homogen- 
ize the freezing diffusion in the ground and to reduce possible deformation effects during the 
defrosting phase after the stop of the freezing process. Three typical geometrical sections have 
been defined for the cross-passages, due to their functionality: one for the cross-passages of the 
services shafts (internal gabarit 3.60mx4.25m); two for the cross-passages of the stations: one 
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Figure 2. Conceptual layout of the “open system” for ground freezing. S.Babila Station jobsite. 


standard dedicated only to the passengers (internal gabarit 5.25mx 5.50m) and another higher sec- 
tion to allow also the ventilation pipes passage (internal gabarit 5.70mx8.0m). The permeation 
grouting treatments, preliminarily executed via TAMs, were carried out by operating differently 
from site to site: usually from the street level performing a subvertical geometry of the sleeved 
pipes; in some other cases working from inside the shafts (in case of interferences with the build- 
ings foundations, or if the site dimensions in surface do not allow to operate efficiently), with 
a sub-horizontal geometry of the holes, that required the use of blow-out preventer. Differently 
for AGF treatments sub-horizontal freezing probes have been used, with a geometry designed to 
channel the stresses all around the excavation profile and make the tensile stresses in the frozen 
ground null or negligible (less than 0.5 MPa). The structural calculation was carried out consider- 
ing a frozen ground wall having the mechanical properties reachable at temperature not higher 
than -10°C into its whole thickness: this value, that defines the thickness of the frozen shell, has 
been adopted as the design temperature target, to be considered during freezing process. The 
ground having temperature included in the range between -10°C+-2°C collaborates on the stabil- 
ization of the ground too, especially around the contour of the digging profile, to ensure that no 
oversize sections and/or releases occur during the excavation steps. Figure 3 shows the typical 
freezing probes layout used for the cross-passages of the shafts. 26 freezing probs are provided,15 
drilled from the shaft, in the upper part of the section, and 11 drilled from the tunnels, in the 
lower part of the section (where the shaft’s slab prevents drilling), as showed in the right scheme. 
For the control of the temperature in the ground during the freezing process, several chains of 
thermometric sensors are inserted into probes placed besides the freezing lances pattern. Figure 3 
shows 4 thermometric probes (red colored) placed in the crown zone and 3 in the invert zone. 
Each sensor is connected to the dedicated automatic unit that collects the temperature measure- 
ments at prefixed time intervals, allowing to control also from remote the thermal behavior of the 
soil during the treatment. The required thickness of the frozen shell with temperature below -10°C 
was equal to 1.00 meter, both in crown and in the invert. 

Figure 4 illustrates the layout of the probes for the two typical passages section of the stations. 
The scheme on the right refers to the smaller cross-passages, similar to the one used for the shafts: 
26 freezing lances and 7 thermometric probes, to create a 1.00 m thick efficient frozen wall. For 
the bigger cross-passages, 40 freezing lances and 9 thermometric probes are provided; due to the 
bigger dimensions, the thickness of the frozen efficient wall varies from 1.00 m in the crown to 
1.30 m in the sides, and from 1.30 m and 1.80 m in the invert, assuming a curvilinear shape thanks 
to the freezing pipes position. All the drillings for the probes were executed from inside the sta- 
tions. The interaxis between adiacent freezing probes is 0.80 m. The drillings have been executed 
using a blow out - preventer system, to prevent any leakage of material due to the hydraulic load. 

The geometry of the drillings have been planned into a 3D geometrical model containing the 
geo-referenced position of both the 2 line tunnels as well as the stations and the shafts. The bore- 
holes lengths have been carefully defined in order to guarantee the effective connection between 
the frozen soil wall and the tunnel, without damaging the tunnel segmental lining. Each drilling 
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Figure 3. Shaft’s cross-passages. Layout of the freezing probes (in blue) and thermometric probes (in red). 


has been measured by a non-magnetic gyroscopic instrument (Gyro-type or similar) to control 
direction and to give a 3D mapping of their position. In the case of greater deviations, integrative 
probes have been executed, in order to guarantee a regular formation of the soil frozen wall. 


4.3 Material and equipment 


Both freezing systems, using LN as well as Brine, have been studied directly by Webuild and 
built under its supervision. The freezing probe consists of an external, AISI 304 stainless steel 
pipe and an internal coaxial copper pipe. Each probe has been positioned inside a @88.9 mm 
steel pipe. A freezing head, connected to the two coaxial pipes allowed to feed the internal 
pipe with the cooling fluid, at a temperature of -196 °C, and to release the gaseous nitrogen to 
the discharge line, at temperature of about -60+-80 °C. The annular space between the exter- 
nal tube and the freezing probe has been filled with a cement mixture (C/W21), to avoid the 
presence of empty sections that may work as insulation. The heads of the freezing probes will 
be controlled by an on/off electro-valve, able to manage the nitrogen flowrate during the pro- 
cess. O60 mm steel pipes, embedded in the ground, are equipped with thermometric probes; 
they include a thermometric chain composed by a set of thermometric sensors placed along 
the pipe at prefixed position, suitable for obtaining monitoring sections at different distance 
from the diaphragm wall. 
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Figure 4. Layout of the freezing and thermometric probes of two typical Station’s cross-passages. 


The distance between the sections varies around 1,5 and 2 m. In the core-face of each cross- 
passages, 3-4 drainages have been drilled, and equipped with one pressure gauge. As described in the 
further chapter 6, the drainages are used for the evaluation of the proper completion of the initial 
freezing stage. In the “close system”, the coolant flows only in the liquid state, at a predetermined 
inlet temperature: around -33°+-35°C using a brine with a freezing point around -50 °C. 
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4.4 Field test and control 


The freezing of the first two cross passages of San Damiano shaft was used as a field test, with 
the aim of calibrating some design details (for example the probes interaxis, chosen equal to 
0.80 m after the field test completion), as well executive aspects (materials and procedures), 
verifying also more in detail the freezing stage time and the amount of needed nitrogen. For 
both cross-passages the freezing treatment worked regularly, allowing to execute the excava- 
tion in dry and safety conditions, as well as the final waterproofing placement and the follow- 
ing RC lining cast (See Figure 5). This experience gave several results, especially the 
implementation of procedures regarding the delicate connection zone between the freezing 
wall and the line tunnel, such as the provisional insulation of this area, and the check of the 
freezing process evolution by using a thermal camera from the excavated tunnel. The volume 
of nitrogen consumed was not proportional to the amount of frozen ground, compared to pre- 
vious experiences, but greater, due to the relative reduced length of the cross passages and the 
consequent freezing pipes, thus dissipating part of the cryogenic energy applied. 


Figure 5. The test field at S.Damiano shaft — The insulation installed inside the line tunnel; the freezing 
portal in the shaft; the cross-passage excavation up to the segment line tunnel. 


5 DESIGN ANALITICAL AND NUMERICAL ANALYSES 


To design in detail the freezing technology, both statical as well as thermal analysis have been 
performed. Preliminary, laboratory investigations were executed, at the “GroutFreezLAB” 
Laboratory of Bicocca University, to test the frozen ground thermal and mechanical proper- 
ties, the latter at temperature of -10°C: more in detail, UCS tests defined a compressive 
strength of 5.0+5.5 MPa for frozen sandy-gravel soil and 4.5+5.0 MPa for frozen sand and 
silty-sand soil; Brazilian Tests defined a tensile strength of 1.0+1.5 MPa. 

Finite Different Method FDM analyses, by FLAC, have been developed to investigate the 
static behavior of the grouting-freezing system. For grouted soil a cohesion of 175 kPa, 
coupled with an elastic modulus three times the natural one, has been adopted. For frozen soil 
a cohesion of 300 kPa, on safety side, has been used. The 2D analysis is based on the confine- 
ment-convergence method, reducing progressively a system of internal forces to simulate the 
step-by-step excavation. Forces are released 100% on grouted and frozen soil, with 
a conservative approach, without considering pre-lining (see Figure 6, left). The results 
showed stress distribution complaint with the strength’s material (with safety factor equal 
to 2); no plasticization took place, with convergence and excavation lifting less than 10- 
15 mm. The tensile stress is less than 0.3-0.4 MPa. 

Several thermal numerical analyses have been performed too, studying some 2D typical 
cross sections for each cross passages with the FEM software Geostudio TEMP-W, with two 
main topics: a) to define the temperature target to be reached in each thermometric sensors 
for both freezing and maintenance phases, considering the real position of the freezing and 
thermometric probes, as obtained after the directionality control; b) to give an approximative 
evaluation of the time necessary for reaching the temperature targets during the freezing 
phase. The thermal analyses have been developed and calibrated on the basis of the results of 
the freezing trial fields carried out in San Damiano shaft; several back-analyses of the first 
two cross-passages treatments have been implemented to set-up the most effective thermal 
parameters and boundary conditions to be assumed for frozen and unfrozen soil and for 
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Figure 6. FDM analysis: stress distribution in the grouted and frozen soil after excavation (left). Ther- 
mal analysis: temperature distribution at the completion of the freezing stage (right). 


freezing pipes; Figure 6 (right) shows the predicted distribution of the temperature at the 
moment of the completion of the frozen soil wall. 


6 TEMPERATURE MONITORING SYSTEM AND CONTROL PROCEDURE 


The ground freezing treatments in all the cross-passages have been carried out through 3 main 
stages: 1) the initial freezing stage of the ground, managed by controlling the evolution of the 
temperature in soil, until the target values were reached. 2) the check of the effective completion 
of the freezing stage, performing a drainage test, to authorize the start of the excavation 
works. 3) the stage of the maintenance of the frozen soil wall during the excavation and the 
following operations, with control in real-time of the temperatures in the ground. The control of 
temperature has therefore a key role in the AGF management. A dedicated digital platform, 
created specifically by Webuild, allows to view in real time the temperature data recorded and 
collected in specific sections and diagrams. Figure 7 (left) shows one of these sections, where it is 
possible to see, depending on the color shown, the effective achievement of the target (green or 
red color). Due to the short extension of the cross passages, the freezing probes are connected in 
series, to optimize the total probe length per group, between 20 m and 30 m considering the use 
of LN as coolant. The distribution of the nitrogen to each group is performed by means of an 
electro-valve on/off system controlled by an automatic unit. The setting of the valves position is 
managed based on the temperature of the gaseous nitrogen released by each group. Figure 7 
(right) shows a screen shot of the control panel of the automatic system. 
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Figure 7. Screen shot of the temperature control platform showing the current temperatures and the targets 
in each thermometric sensor (left) - Control panel’s typical screen shot to manage the nitrogen outlet (right). 


As the freezing stage starts, the evolution of the temperature in each thermometric sensor is con- 
tinuously controlled by comparing the recorded data with the prediction given by the thermal model 
in the same point. Once the temperature targets are achieved in any thermometer, a drainage test is 
performed for checking the effective watertightness of the frozen soil wall. The drainages are 
equipped with a pressure gauge and a closing valve. Before the start of the freezing, the valves are 
opened to measure the initial flow rate of water. During the freezing phase (with closed valves) it has 
been often verified that the pressure in the gauge has increased as the frozen wall continuity has been 
formed. Finally, when the temperature targets are achieved, the valves are opened again to measure 
the residual water flow rate from the drains (Figure 8, left). If the freezing is effectively completed, 
the residual flow rate gradually reduces as the flow of the water contained in the core-face, closed by 
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freezing, is running out. In few cases, the residual flow rate, through one or more drains, settle to 
a constant value, showing a weakness still present in the frozen wall; in those cases, it is often visible 
a perturbation (even an increase) in the temperature chart of one or more thermometers, allowing to 
detect the position of the critical weak zone. Close to it, it has been necessary to feed the probes 
intensively with the LN. Once the excavation of the cross-passage was started, the frozen soil wall 
must be maintained: LN is delivered to the freezing circuit in average for 8 hours per night, the flow 
rate to the probes is optimized by observing the effective temperature in the soil. A typical tempera- 
ture evolution during freezing and maintenance phases is reported in Figure 8, right. 


Figure 8. Drainage location in the core-face and drainage test (left). Typical temperature evolution 
during the freezing and maintenance phase measured by thermometric sensors (right). 


7 CONSTRUCTION PROCESS AND JOBSITES’ FEEDBACK 


It can be stated that the freezing phase lasted around 7-10 days, depending on the length of the 
cross-passages and on the local conditions encountered (such as local residual water flow, close to 
the tunnel lining or to the diaphragm wall). This residual water flow has, occasionally, led to 
a longer freezing stage (up to 12-13 days). For Vettabbia Shaft, where close system by brine was 
used, the freezing stage lasted 35 days. Once freezing has been completed, the diaphragm walls of 
the shafts were carefully demolished, preventively mounted a special metallic carter to protect the 
nitrogen distribution circuit. The excavation of the cross-passages has been executed by single 
steps of 1.00 m, followed by the placement of a steel rib embedded in a layer of shotcrete. The 
final delicate step was then the excavation of the intersection between the cross-passage and the 
main tunnel, due to the particular and problematic contact nail. At the end of these operations, 
the waterproofing system all round is placed. Finally, the cast of the foundation slab of the cross 
passage is made, followed by the sides and the crown lining, both using reinforced concrete. 

About the safety conditions linked with the use of LN, it can be noticed access to people 
into the tunnels has been strictly denied during the circulation of liquid nitrogen along the 
circuit (initial freezing stage, night-time maintenance stage). In addition, air oxygen concentra- 
tion sensors have been installed at the base of the stations and the shafts, as well as in the 
stretch of the line tunnel involved in a freezing process: a stronger series of emergency proced- 
ures must be rapidly adopted if alarm threshold is reached. 
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ABSTRACT: Ina land-scarce country like Singapore, it is inevitable that demands for new space 
has led to the creation of complex underground networks. As our underground network becomes 
increasingly built up, the relationship between underground infrastructures in the urban areas also 
becomes progressively intricate, which presents multifaceted challenges in underground tunnel con- 
struction where potential occurrence of ground settlement is the main drawback. With the volume 
loss induced by tunnel excavation as the main determinant of ground settlement, this paper presents 
the studies on the volume loss caused by bored tunnelling in different geological conditions in Singa- 
pore with a variation of tunnel boring machines (TBM) used in some of the recent Metro line pro- 
jects such as Downtown Line (DTL), Thomson-East Coast Line (TEL) and Circle Line 6 (CCL6). 
Back analysis on trough width parameter from the available data is also discussed. The main find- 
ings of this study also provide references for impact assessment of bored tunnelling in future 
projects. 


1 INTRODUCTION 


The Downtown Line (DTL) and Thomson-East Coast Line (TEL) are the fifth and sixth under- 
ground Mass Rapid Transit (MRT) lines which form a boundless journey, bringing people from 
different parts of Singapore to the central business district. The DTL and TEL consist of 34 and 
32 underground stations stretching 41.9 kilometers and 43 kilometers across the island, respect- 
ively. The Circle Line 6 (CCL6) closes the Circle Line loop by connecting Marina Bay to Har- 
bourFront stations which the tunnelling has been completed in early 2022. DTL has been in full 
operation, TEL is currently opening in stages while the recent CCL6 is targeted to open in 2026. 
With such a comprehensive tunnel construction across the island, this paper studies the settle- 
ment induced by tunnelling works of TEL, DTL and CCL6. 

The distinctive geological conditions including Bukit Timah Granite (BTG), Jurong Forma- 
tion (JF), Old Alluvium (OA), Kallang Formation encountered along TEL, DTL and CCL6 
alignments as shown in Figure 1 resulted in the use of different types of tunnel boring machine 
(TBM) based on the respective ground characteristics. The bored tunnelling of TEL, DTL 
and CCL6 has come across with the four major formations in Singapore where the two main 
TBMs used are slurry shield and earth pressure balance shield (EPB). Generally, slurry TBMs 
were used in Bukit Timah Granite Formation to tackle the hard and abrasive layers whereas 
EPB TBMs were adopted on predominantly cohesive soils. 


2 MAJOR GEOLOGY FORMATIONS IN SINGAPORE 


2.1 Granite formation (BTG) 


The Bukit Timah Granite is found at the center of the Singapore Island and at Pulau Ubin 
(DSTA 2009). The rocks in this formation include acid rocks such as granite, adamellite and 
granodiorite, and also hybrids of acid and intermediate rocks (granodioritic and dioritic). 
This formation is intruded by dykes. 
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Figure 1. Geology of Downtown Line (DTL), Thomson-East Coast Line (TEL) and Circle Line 6 (CCL6). 


2.2 Jurong Formation (JF) 


The Jurong formation is exposed mostly at the western and southern parts of Singapore. The 
formation consists of a variety of sedimentary rocks that have been subjected to a variable 
degree of metamorphism including Sandstones, Siltstones, mudstones, conglomerate and lime- 
stone. The rocks of the Jurong Formation exhibit a wide range of strength in the Fresh State 
and have weathered in different ways. 


2.3 Fort Canning Boulder Bed (FCBB) 


It comprises sandstone boulders in a matrix of stiff over-consolidated silty clay. The deposit 
was found in the central business district, around Raffles Place and City Hall MRT stations. 


2.4 Old Alluvium (OA) 


The Old Alluvium extends from Southern Johor to east of Singapore. The Old Alluvium is an 
alluvial deposit that has been variably cemented, often to the extent that it has the strength of 
a very weak or weak rock. It was found to lie at a depth of 150m below mean sea level, and its 
thickness can reach up to 195m (DSTA, 2009). The formation consists of clayey sand with 
pebbles. The sand is coarse, angular and mainly quartzo-feldspathic. The pebbles are predom- 
inantly quartz and generally angular. However, ryholite, chert and argillite pebbles are also 
found, but they are sub-rounded or rounded. 


2.5 Kallang Formation (KF) 


The Kallang formation is the most recent formation and was deposited in river courses, coast- 
lines, and some inland low-lying areas. The Kallang formation often infills sharp, often deeply 
eroded valleys into the older formations. There are five members recognized within the formation 
namely marine, alluvial, littoral, transitional and reef. The marine member is locally referred as 
soft marine clay. The base of the member is usually characterized by a peaty clay and sand layer. 
Thin sand and peat layers may occur within the sequence. The marine member is sometimes sep- 
arated by an intermediate layer of reddish-brown clay. This intermediate layer divides them into 
upper and lower marine members. 
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3 STUDY ON GROUND SURFACE SETTLEMENT PROFILE 


Ground surface settlement profile along DTL, TEL and CCL6 has been studied with the use of 
LTA Geotechnical Database where key parameters such as ground settlement marker, ring number, 
date of ring built, geological condition at tunnel axis, tunnel axis, existing ground level, type of TBM 
and its excavation diameter were retrieved. Upon analysis of the respective settlement profiles, it was 
observed that immediate settlement occurred within a short period just after the passage of TBM. 
The immediate settlement generally falls within the acceptable limit of 15mm except under special 
conditions such as cutterhead intervention, shift change and maintenance works. 


4 BACK ANALYSIS 


Tunnelling often leads to settlements of the soil surface due to over-excavation, soil relaxation 
and inefficient tail void filling. 

The magnitude of volume loss is influenced by tunnelling management, characteristics of 
the tunnel boring machines (TBM), and the geotechnical conditions. In predictions of surface 
settlement (Peck, 1969) and subsurface settlement (Mair et al., 1993), the volume loss is often 
determined by engineering experience. 


4.1 Study methodology and assumptions 


It is well known that the transverse settlement trough caused by the tunnel excavation may be 
approximated by a Gaussian distribution curve with the following equation (Peck, 1969): 


y2 
Sy = Smaxexp |- i (1) 
where Sv is the vertical settlement of a point lying a horizontal distance y from the tunnel axis, 
Smax 1S the maximum settlement above the tunnel axis, 7 is the horizontal distance from the 
tunnel centreline to the point of inflection of the settlement trough. Figure 3 below shows the 
typical transverse settlement trough (Gaussian Distribution Curve) caused by tunnelling. 


Typical Transverse Settlement Trough 


yim) 
7 


50 40 30 20 10 0 10 20 30 40 50 


Zol Volume per unit length Vs 


Excavation volume 


| per unit length a 
| à 
i. A n = D 
X 


Figure 2. Typical transverse settlement trough by Tunnelling - Gaussian distribution curve (not to scale). 
O’Reilly and New (1982) further showed that the trough width i can be estimated as follows: 


i= K Zp (2) 


where K is the transverse trough width parameter and zo is the depth to the tunnel axis as 
shown in Figure 3. 


2064 


4.1.1 Deriving of Trough Width Parameter K 

The settlement points S and the maximum settlement Smax for each monitoring array can be 
used to determine the settlement trough width parameter K based on the approach described 
by Mair et al (1993). Based on Equation 1 & 2, the relationship between log,(S/Sinax) and 
(x/zo) is established as equation below, where x is horizontal distance from the tunnel axis 
replacing y in Equation 1. 


log.(S/Smax) = —0.5/K? - (x/z0)° (4) 


By plotting the points of (x/zo) and log,(S/Smax) as x and y axis, it is able to generate 


a best fit linear line of the plotted points [(x/z0)’. log.(S/Smax)]. The value of K can be 
obtained from the slope of the best fit linear line according to the equation below: 


K= y —0:5/ [stope of log.(S/Smax) versus (x/z0)"] (5) 


In Equation 4, the constant C in formula is 0, hence, the best-fit line should start with the 
point of (0, 0). 


4.1.2 Deriving of Volume Loss 
By integrating Equation 1, the volume of the settlement trough per unit length Vs is obtained 
by Equation below. 


Vs = Vr iSmax (6) 


Where i is obtained from Equation 2 with back-calculated K for various ground conditions 
and tunnelling methods. Smax is the measured ground settlement above the tunnel axis. Tunnel 
volume loss is the ratio between the volume of the settlement trough per unit length (Vs) and 
theoretical TBM excavation volume (zD?/4) per unit length as shown by Equation 7 below: 


4Vs 
Vi = -y7 ¥ 100% (7) 
Where D is the excavation diameter of the tunnel (m). 
Following assumptions are considered in the back-analysis: 


e The “immediate” settlement is only considered for this study. 

¢ Transverse ground settlement profile follows Gaussian Distribution Curve. 

e Smax considers settle points within 3m of tunnel centre line. 

e Generally, 10% of ground settlement points are discarded for K value calculation due to 
irrelevant readings. 


4.2 Results of study 


10 broad categories were studied based on the ground conditions as listed in Table 1. The cat- 
egory 4 and 6 are further divided into two separated cases with the adoption of different tunnel- 
ling method. The tunnelling projects reviewed in each category are also included in Table 1. 

The K of best-fit line and the corresponding volume loss of category 1 - Jurong Formation 
(SIV, SV & SVI) with EPB TBM are plotted as shown in Figure 4. The moderately conservative 
line of K is indicated in the plots for reference with the K of best-fit line. The numbers of the 
monitoring array N included in the study for each category are also indicated. The coefficient of 
determination (R°) value of the best-fit linear line is reflected to indicate the “goodness of the 
fit”. The average and upper bound values of volume loss are plotted. The points of volume loss 
are showed in different colors for the source of different projects. The plots for other categories 
were not included in this paper due to the limitation of maximum number of pages. 
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Figure 3. Plots of Trough width parameter (K) and Volume Loss (V1) for Cat. 1 - Jurong Formation 
(SIV, SV & SVI) with EPB TBM. 


The study results of best-fit line K value, average and upper bound volume loss values for 
each individual category are summarized in Table 2. 


Table 1. Categories of study. 


Tunnelling 
Category Ground Type Method Projects Reviewed 
1 Jurong Formation (SIV, SV & SVI) EPB DTL2, TEL and CCL6 
2 Jurong Formation (SI, SII & SIII) EPB DTL2, TEL and CCL6 
3 Jurong Formation Mixed Face * (Soil/Rock) EPB DTL2, TEL and CCL6 
4 Bukit Timah Granite (GV & GVI) Slurry DTL2 and TEL 
EPB DTL2 and TEL 
Bukit Timah Granite (GI, GII & GIID Slurry DTL2 and TEL 
6 Bukit Timah Granite Mixed Face ° (Soil/Rock) Slurry DTL2 and TEL 
EPB DTL2 and TEL 
7 Old Alluvium (OA) EPB DTL3 and TEL 
8 Kallang Formation EPB TEL 
9 Old Alluvium and Kallang Formation Mixed EPB DTL3 and TEL 
Face 
10 Kallang Formation Treated by Grouting EPB TEL 


a — the mix of any grade between SI, SH & SII with SIV, SV & SVI. 
b — meets any of the following: 


* the mix of any grade between GI, GII & GHI with GV & GVI; 
e GIV; 
* GIV mixes with any grade of GI, GII, GIII, GV & GVI. 


4.3 Trough width parameter 


The trough width parameter K is a constant subjected to soil type and tunnelling method. 
Generally, sandy soil has smaller K than clayey soil. The K is a critical factor that affects the 
extent and slope of transverse settlement profile in tunnelling impact assessment. Given con- 
stant volume loss, meaning the volume of settlement trough per unit length is fixed, the greater 
K predicts wider but gentler slope of settlement trough, while the smaller K gives narrower 
but steeper slope of settlement trough. This is crucial in analyzing the tunnelling impacts to 
adjacent building and structures which are normally analyzed by differential settlement. As 
such, the moderately conservative line of K is smaller than the K of best fit line. 

In all categories, K value obtained from best-fit line is greater than the K of moderately 
conservative line (K = 0.45 or 0.5). This can be seen in the plot of [(x/z0)’, log,(S/Smax)] that 
the slope of the best-fit line is gentler than the linear line corresponding to K = 0.45 or 0.5. 
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The steeper slope of the linear line leads to the smaller K value, which consequently predicts 
greater rotation of building and structures adjacent to the tunnel. Therefore, a slight smaller 
K is recommended to deliver moderately conservative approach in the impact assessment of 
tunnelling effects. In summary, K = 0.45 is hence recommended for most of the ground condi- 
tions and K = 0.5 is suggested for soil of Kallang Formation. 


4.4 Volume loss 


With the back-calculated trough width parameter K being obtained for each category, the volume 
loss can be calculated using Equation 6 & 7 with the known values of measured ground settle- 
ment, tunnel depth and tunnel excavation diameter. The results of the average and upper bound 
volume loss for each category are also summarized in Table 2 below. 

There are a few outlier volume loss values which are higher than the upper bound. Common 
reasons for outlier values were observed as follows: 


e TBM stoppage due to TBM cutterhead intervention (CHI) or other maintenance works; and 
¢ Tunnelling in mixed face with presence of thick layer Kallang Formation. 


Higher volume loss is suggested at the locations of TBM stoppages, especially with poor 
ground condition. It is advised that TBM maintenance should be properly planned as such 
TBM does not stop at the location proximity to critical buildings and utility joints or prior 
treatment is carried out should TBM have to stop at the critical locations. 


4.5 Characteristic value 


The upper bound of volume loss is commonly adopted in the impact assessment for bored 
tunnelling works. Considering the scatter of the data, the use of upper bound volume loss may 
result in very conservative approach in predicting the tunnelling impact, as the gap of inter- 
pretation between the upper bound and the actual ground settlement caused by bored tunnel- 
ling is large enough to produce significant different design outcomes. The characteristic value 
of volume loss is hence recommended to reduce the variation of interpretation and provide 
more representative and reasonable consideration of bored tunnelling effects. This is also in 
line with Eurocode 7, which defines the characteristic value of a geotechnical parameter as “a 
cautious estimate of the value affecting the occurrence of the limit state’ and suggests that this 
should be selected with 95% confidence. 


4.5.1 Procedure of determination of characteristic value of volume loss 
To determine of the characteristic value of volume loss with the available data obtained in 
Section 4.2, the following steps are involved: 


1) Calculate the mean value of volume loss Vim with the available data; 
2) Determine the standard deviation o using equation 9 below. 


J DIOL = vr) (8) 


n—-1 


3) Calculate the characteristic value of volume loss VL.ek with a Student t value for 95% con- 
fidence level based on the numbers of available data. 


Vick = Vim + to (9) 


Example - determining the characteristic value of volume loss VL.ex for the case of bored tun- 
nelling in Bukit Timah Granite Formation Rock (GI, GII & GID) with Slurry TBM. 


1) the mean value of volume loss V.m is calculated Vy m= 0.30%; 
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2) Determine the standard deviation o using equation 9 with all available data, which o 
obtains o = 0.24%; 

3) For N=106, student t = 1.64485 for 95% confidence level. Based on equation 10, it is 
obtained VL ek = 0.7% 


VOLUME LOSS - SLURRY TEM 
BUKIT TIMAH GRANITE ROCK (GI, Gil & Gill) 


Number of Volume Loss Points 


Figure 4. Volume loss distribution for Bukit Timah Granite Formation Rock (GI, GH & GIID) with 
Slurry TBM. 


The 106 volume loss data are grouped in 0.1% intervals (note — the intervals are subjected 
to the number of data available) and plotted as x axis, and the number of volume loss points 
fall in each group are plotted as y axis, it is able to obtain the volume loss distribution bar for 
the case of bored tunnelling in Bukit Timah Granite Formation Rock (GI, GIT & GIT) with 
Slurry TBM as Figure 4 above. The normal distribution of 106 volume loss data is also super- 
imposed in Figure 4. In addition, the normal distribution of the given volume loss data is 
superimposed into the plot with the same x axis. 


4.5.2 Characteristic value of volume loss 
Similar procedure has applied to all other categories and the characteristic values of volume 
loss are obtained as summarized in Table 2 below. 

It is observed that the volume loss distribution bar for the case of Bukit Timah Granite For- 
mation Rock does not match well with the normal distribution curve. Whereas the volume 
loss distribution bar and the normal distribution curve are in similar trend for the case of 
Jurong Formation mixed face. The patterns of volume loss distribution bar are varied with 
different value of volume loss intervals being adopted. Hence, it may not be consistent with 
the normal distribution in all cases. 


5 SUMMARY AND RECOMMENDATION 


Ten broad categories of ground conditions at tunnel face are reviewed in this paper. The 
results of trough width parameter K, average and upper bound volume loss values and the 
recommendations for each category are summarized in Table 2 below. 

As discussed in section 4.5, tunnel volume loss is provided for the purpose of impact assess- 
ment, the characteristic value of volume loss with the K of moderately conservative line is 
recommended to reduce the variation of interpretation and provide more representative and 
reasonable consideration of bored tunnelling effects. 

However, engineers may adopt the values with the judgement on the concerning factors 
such as sensitivity of the adjacent building/structures and their confidence on tunnelling per- 
formance, e.g. the experience of the tunnel crew with respect to the ground conditions and 
type/brand of TBM machine and etc. 
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In addition, higher volume loss should be considered at the locations of TBM stoppages. 
Else, there is often provided with the mitigation measures at the location of TBM stoppage 
beforehand to minimize the tunnelling impacts such as to carry out ground treatment at the 
location of planned CHI. 


Table 2. Summary of Study results and recommendations. 


Result of Study from DTL, Recommendation based on the 


TEL & CCL6 Study of DTL, TEL & CCL6 
VLA) K Vick (%) 
Tunnelling K Vim(%) Upper (Moderately Characteristic 

S/N Ground Type Methods (Best fit) Average Bound Conservative) Value* 

1 Jurong Formation EPB TBM 0.51 0.23 1.0 0.45 0.5 
(SIV, SV & SVI) 

2 Jurong Formation EPB TBM 0.50 0.30 1.0 0.45 0.7 
(SI, SII & SIII) 

3 Jurong Formation EPB TBM 0.52 0.44 1.5 0.45 1.0 
Mixed Face 
(Soil/Rock) 

4 Bukit Timah Granite EPB TBM 0.51 0.61 1.5 0.45 1.3 
(GV & GVI) Slurry TBM 0.49 0.41 1.5 0.45 1.0 

5 Bukit Timah Granite Slurry TBM 0.47 0.30 1.0 0.45 0.7 
(GI, GII & GH) 

6 Bukit Timah Granite EPB TBM 0.53 1.32 3.0 0.45 2.7 
Mixed Face Slurry TBM 0.55 0.71 2.0 0.45 1.7 
(Soil/Rock) 

7 Old Alluvium (OA) EPBTBM 0.48 0.23 0.8 0.45 0.5 

8 Kallang Formation EPBTBM 0.59 0.55 1.5 0.50 1.2 

9 OA mixed with EPB TBM 0.60 0.70 2.0 0.50 1.5 
Kallang Formation 

10 Kallang Formation EPBTBM 0.58 0.31 1.0 0.50 0.6 


Treated by Grouting 


* Characteristic value is the 95% confidence level 
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ABSTRACT: The construction of the Saint-Martin-La-Porte 4 works has been completed 
since October 3, 2022. This is the first worksite for the excavation of the Lyon-Turin rail base 
tunnel: 10.4 km were excavated in the final section on the south pipe axis of the project. This 
work was carried out in advance of the overall project, with the aim of verifying its feasibility. 
Located under a large overburden, the crews excavate in the geological unit of the Houiller 
Briançonnais consisting of arenaceous and black shales with coal levels, the most challenging 
geotechnical environment of the project, and characterized by strong convergence. 7 years of 
work were necessary to excavate 9 km of tunnel with TBM and more than 3 km in conven- 
tional method. The last two years have been particularly dedicated to the excavation in con- 
ventional method of 1.4 km in the geological zone of the Houiller Briançonnais; an 
experimental crossing in heterogeneous geology, with squeezing rock (convergence > 1 m in 
diameter), and at significant depth (overburden between 600 and 650 m in part 3b). These dif- 
ficulties have allowed the Contractors group to reinvent itself by developing innovative 
methods for excavation and support. This article proposes to carry out the synthesis of this 
atypical context, of the forecasts, excavations, surveys, monitoring of deformations, back- 
analysis and model adjustment, evolution of methods and finally a planning synthesis. 


1 REMINDER OF THE CONTEXT AND THE STATE OF KNOWLEDGE AT THE 
START OF THE EXCAVATION 


1.1 SMP4 exploratory gallery in the context of the TELT project 


The base tunnel of the Tunnel-Euralpin-Lyon-Turin (TELT) project cross several major geo- 
logical contacts between Saint-Jean-de-Maurienne and Italy. Several exploratory galleries 
have been excavated since 2002 to allow a better characterization of the expected ground con- 
ditions. Four exploratory sites are located along the base tunnel (Figure 1): Saint-Martin-La- 
Porte (FR), La Praz (FR), Modane (FR) and Maddalena (IT). The last phase of these investi- 
gations works is SMP4 located on the Saint-Martin-La-Porte site. It began in 2014 and has 
just been completed on October 2022. 
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Figure 1. The Euralpin Lyon Turin Tunnel and the sites of the reconnaissance works (in yellow). 


The purpose of the Saint-Martin-La-Porte (SMP) site is to characterize the behavior of carbon- 
iferous formations of the the Houiller Briançonnais, also cald “Houiller Productif’ (HP), the most 
critical part of the TELT project. It has undergone several investigations phases (Figure 2): 


— SMP1/2 phases (2003-2009): Exploratory adit (L= 2330m); 

— SMP3 phase (2010-2013): Additional investigations and monitoring of the adit over 10 years; 

— SMP4 phase (2014-2022): Exploratory galleries in the axis of the base tunnel. The SMP4 
exploratory gallery (Galerie de reconnaissance) should allow a better characterization of 
the long-term behavior in the carboniferous formations. 


The article presents SMP4 exploratory gallery over 1.4 km along the axis of the base tunnel. 


Figure 2. Different investigation phases from the Saint-Martin-La-porte (SMP) site. 


1.2 Characteristics of SMP4 exploratory gallery 


The SMP4 exploratory gallery has a circular section of 135 m? excavated in full section, in steps of 
1 m, by mechanical means (carboniferous ground) or by drill and blast (D&B in sandstone). The 
tunnel face is systematically reinforced with fiberglass bolts (density of 1bolt/m7; bolt length of 
18 m for a useful length of 8 m). Tunnel support system is placed in 2 steps. The immediate sup- 
port, phase A, is placed after excavation. It consists of dense radial bolting around the entire per- 
iphery of the section (8 m self-drilling bolts AF38; density of 1bolt/m?; grounted with resin) and of 
a TH44 sliding ribs. It can absorb 60 to 80 cm of convergence on the diameter. The second support 
phase, phase B, is placed 25 to 40 m behind the tunnel face. It consist of a semi-rigid support com- 
posed of a shotcrete shell with 4 to 8 longitudinal slots fitted with compressible blocks (HDC 
blocks 80x40 cm and 20 cm thick). Its role is to homogenize the deformations and to control the 
evolution of the convergences with a deformation capacity of 20 to 40 cm on the diameter. Three 
standard support profiles are implemented (Figure 3). Phase A support remains the same. The 
differences relate to the deferred support of phase B. The PT6a profile is set up in low to fair 
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convergent ground. Its phase B consists of a classic shotcrete shell without slots. In PT6ab profile, 
the shotcrete shell has 4 to 8 slots. PT6b profile is installed under the most unfavorable conditions 
with significant convergences greater than 60 cm on the diameter. The phase B support is placed 
after the removal of the first ribs. A new TH ribs is placed with a shotcrete shell and 8 slots. 


1.3 State of knowledge at the start of SMP4 excavation in the houiller productif 


SMP4 exploratory gallery benefits from the feedback from the excavation of the SMP1-2 adit and 
from new data acquired during the SMP3 phase. Very high deformations were observed during 
the excavation of the SMP1-2 adit in the HP under 200 to 400 m of cover. Strong anisotropy (Ko 
ratio of 1.2), extrem convergences from 120 cm to 200 cm on the diameter and a marked time 
dependent behavior. Specific support systems have been performed to deal with extrem deform- 
ations. SMP3 phase improve the mid-term behavior of the HP over a period of 10 years. 

There remain uncertainties on the long-term behavior of the HP and on the direct 
transposition of the context of the SMP1-2 adit to that of the base tunnel. The orien- 
tation of the base tunnel is perpendicular to that of the SMPI1-2 adit. The cover is also 
higher, over 600 m. SMP4 exploratory gallery must remove these last uncertainties. 
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Figure 3. Support principles retained on SMP4 - Phase A (left)/Phase B (right). 
2 THE GEOLOGICAL AND GEOTECHNICAL CONTEXT 


2.1 The houiller Briançonnais, called houiller productif 


Ground of the Zone Houillere Briançonnaise (ZHB), also called houiller productif (HP) in the 
SMP sector due to the high proportion of carboniferous formations, are composed of decimet- 
ric to plurimetric alternations of more or less carbonaceous black shales, greyish silty- 
sandstone, more or less massive gray sandstone and shales. 

The HP rock mass is divided into 4 behavior classes (A,B,C,D) depending on the propor- 
tion of caboniferous ground, the degree of tectonization and the behavior in terms of conver- 
gences. In Class A sandstone is predominantly with a moderate degree of tectonization. It is 
characterized by moderate convergences of a few centimeters and by the absence of time 
dependent effect. Class D is characterized by a strong lithological and structural heterogen- 
eity. The proportion of caboniferous shales is predominant with layers of crushed coal of deci- 
metric to pluri-metric thickness, faults with clay gouge and crushed shales. It is very 
convergent, metric convergences, with a very marked time dependent behavior. 


2.2 Geological conditions encountered on the SMP1-2 adit 


The entry into the HP of class D was direct and clear. HP of Class D were encountered con- 
tinuously over the first 800 m. On the last 400 m until to the end of the adit, conditions 
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gradually improved moving from class C to class A (Figure 4). SMP1-2 adit is excavated per- 
pendicular to the major principal stress with a ratio Ko=1.2 in the section. 
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Figure 4. Geological profile of the SMP1-2 adit. 


2.3 Geological conditions encountered on the SMP4 exploratory gallery 


SMP4 exploratory gallery is perpendicular to SMP1-2 adit. The major principal stress is paral- 
lel to the gallery axis and the ratio Ko in the section is 0.8. The provisional geological profile 
results from the state of knowledge after SMP1-2. It follows the evolution of the HP observed 
in the adit. The linear of class D is reduced and estimated between 60 and 360 m (Figure 5). 

The geological profile encountered is different. Entrance in the HP is gradual and heteroge- 
neous and associated with several tectonic scales and a major fault. The behavior of the HP is 
more heterogeneous with large variations. Unlike the SMP1-2 adit, the HP class D is not con- 
centrated and crossed continuously. The total length of HP class D encountered full face is 
65 m. the total linghty of HP class C is 370 m. 8 major accidents are crossed. Those shear 
zones entirely or partially composed of carboniferous shales with clay gouges have extension 
of 5 to 35 m. Theire influence areas cover several tens of meters of gallery. 
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Figure 5. Provisional geological profile of the SMP4 gallery at the end of SMP1-2. 


3 OBSERVATIONAL METHOD APPLIED TO THE SMP4 EXPLORATORY 
GALLERY 
3.1 Advancement investigations 


Core drillings boreholes are systematically carried out. If they had only a very low interest in 
the conditions of SMP1-2, they proved to be very effective in SMP4 to update the expected 
geological profile and to carry out a preclassification of the HP behavior with a very good 
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reliability. The need to anticipate major changes is imperative on SMP4 in order to adapt not 
only the supports system and the advancement cycle, but also the excavation methods and 
means. A total of 49 core drillings boreholes are carried out. Core drillings of 20-30 m have 
been systematically carried out at the tunnel face and equipped with extrusometers. They are 
integrated into the progress cycles. Work is done by the production team. The duration of 
a borehole is 24 hours. Some additional drillings up to 150 m were also carried out under the 
same conditions. In addition, 5 core drillings from 150 to 350 m were realized from the tunnel 
face or from lateral excavation. They need specific equipment and a specific team. The choice 
of the wireline coring allows good results even in the most unstructured ground conditions. 


3.2 Data collect during excavation 


The success of the excavation of the exploratory gallery in exceptional conditions requires 
very strong interaction between the works production teams, the technical teams of the site 
and the design offices to reassess excavation conditions, consolidate the studies and update 
tools to help choose supports and excavation methods. These missions are ensured continu- 
ously during the excvataion by a team of 3 to 4 geologists in charge of geological monitoring, 
a team of 3 to 4 topographers in charge of auscultation, a team of 1 to 2 technicians in charge 
of installation and monitoring of the instrumentation and by an engineer in charge of the sup- 
port who collects all the data and summarizes them. 

Observations during excavation are recorded by the site manager or by the geologist. This 
is necessary for assessing in real time the ground conditions and the specific risks of the next 
excavations. Each tunnel face is systematically surveyed by a site geologist to update the gen- 
eral geological profile of the gallery and to adjust the provisional geological profile on 
a smaller scale, 30 to 50 m ahead of the face; 

Convergence monitoring is carried out daily. A convergence profile, with 5 measurement 
points, is installed every 5 m and every 3 m in the most critical areas. This give the guarantee of 
the continuity of the measurements and the reliability of the traitment. Extrusometers are placed 
in the center of the tunnel face for the monitoring the defromations of the ground core in front of 
the face. They are 32 m long and are renewed every 20 m. 36 instrumented sections were installed 
along the gallery. These sections consist of borehole extensometers and stress cells placed on the 
support (arch or shotcrete). 8 additional sections are placed on the concrete blocking ring. 


3.3 The calculation approach and support tools for choosing supports 


The analysis and study process is part of a global approach in the continuity of SMP1-2. The 
studies were conducted following the principles of the observational method with strong capit- 
alization of the lessons learned of SMP1-2 and SMP3.The aim of the studies is to provide reli- 
able estimates of the behavior of the rock mass as soon as possible to enable the work teams 
to anticipate any change in excavation methods. Calculation approaches are systematically 
reevaluated based on back-analysis by integrating new data. 

Supports are defined according to their deformation capacity. The shotcrete shell is not 
loaded until the deformation capacity of the phase B support has not been reached. 

Tools in the form of charts that can be immediately exploited at the cutting face are estab- 
lished from numerous back-analyses. These tools are used to justify in real time the supports 
at the tunnel face. Several calculation methods are used to consolidate the approaches. The 
results from empirical methods and numerical methods are crossed by favoring simple numer- 
ical models. The geomechanical characteristics with high uncertainty are studied in ranges or 
by defining sets of parameters according to their orientation with respect to the main struc- 
tures. It makes it possible to draw the characteristic behavior curves of the HP for a set of 
typical scenarios. Those abacus allows in real time, depending on the first convergence meas- 
urements, to obtain a reliable estimate of the behavior class of the ground and the supports to 
be provided for the different phases. In most critical conditions a concrete blocking ring is 
necessary to ensure the stability of the excavation in the mid-term over a period of 15 years. 
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The difficulty is to obtain a reliable numerical model which integrates the time-dependent 
effect with an elasto-visco-plastic behavior law. They are complex 3D-Flac finite element 
models that depend on a large number of parameters. Models have been developed by the 
Ecole Polytechnique in Turin and by the Ecole Nationale des Ponts et Chaussées in Paris since 
the first excavations in SMP1. The stage of development of those digital models is not suffi- 
ciently advanced for reliable exploitation on the SMP4 gallery. Simpler digital models were 
used (2D Plaxis finite element models). 


3.4 Convergences measured during the excavation period 


Figure 6 gives the amplitudes of the convergences measured on the diameter along the 
SMP4 exploratory gallery. Convergences are conform with the expected values. They are 
between 200 and 600 mm with locally values up to 1200 mm on the diameter. Deform- 
ations are less strong than those measured on the SMP1-2 adit. This result from a more 
favorable orientation of the SMP4 gallery compared to the main structures with 
a reduced ko. There is a greater variation in the behavior of the rock mass along the 
gallery than what was observed on the adit. Convergences on phase B characterize the 
importance of the time dependent effect. It is strongest at the contact (entry into the 
HP) and in class C to class D areas. 
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Figure 6. Convergences along the SMP4 exploratory gallery and classes of behavior of the HP. 


3.5 The face deformations measured 


The main lesson learned from the excavation of the SMP4 exploratory gallery concerns the 
deformations of the tunnel face and the ground core ahead the face. Unlike what was 
observed on the SMP1-2 adit, the stability of the front is the major issue in the excavation of 
the SMP4 gallery. Forehead extrusions up to 350 to 400 mm are measured. These deform- 
ations of the front and the core are linked to the presence of carboniferous shales. Depending 
on their proportion in the section and their extension in the rock-mass, the rupture mechan- 
isms and their consequences on safety in the front area are different. 

The instabilities result in ruptures in the vault and in the roof of the section. They are diffi- 
cult to control, developing very quickly ahead of the tunnel face, leading, in extreme cases, to 
general instability of the face and of the entire rock mass in the core. In areas with a high pro- 
portion of shales, the presence of an unstable ground lens is systematically observed on the 
working face. This unstable lens, called “dead ground”, is a few meters thick. It is identifiable 
on the extrusion curves but also on the recordings of the drilling parameters of the fiberglass 
bolts in the face. 

Figure 7 gives the main characteristics of the deformation of the rock mass ahead the 
tunnel face. The zone of influence of the excavation is 1.5 times the diameter of the 
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excavation. Sig-nificant deformations of the core involve a distance of 1 diameter. Deform- 
ations up to 6 to 7% are measured at the tunnel face. 
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Figure 7. Face extrusion measurement and core deformation characteristics. 


3.6 Mid-term behavior predictions (15-year period) 


The support system of the exploratory gallery is justified for a period of 15 years. The mid- 
term behavior is defined according to a Sulem behavior law by integrating the time dependent 
effect and based on the convergence measured over a sufficiently long period and at a distance 
far from the face. Measurements of convergences during periods when the tunnel face is 
stopped also provide important information for the calibration of Sulem’s law. The forecast 
curves of the evolution of the convergences over a period of 15 years are defined for each sec- 
tion of the gallery. The stability conditions of the support are considered stable as long as the 
deformation capacity of the support is not reached. In areas where the deformation forecasts 
exceed the deformation capacity of the support, a cased concrete blocking ring is put in place 
for the 15 years stability. The survey gallery is built in the axis of the base tunnel, south track, 
it will be lined with a final concrete ring laid later. 

Figure 8 summarizes this analysis. The deformations in gray are those developed during the 
construction period. The part in green gives the deformation capacity of the support. The 
dark green line gives the 15-year deformation previsions. A blocking ring is made on 370 ml 
of the gallery, in ground of class C and class D. 


4 ADAPTATIONS OF THE TUNNEL WORKS TO THE GROUND CONDITIONS 


4.1 Organization and work program 


On May 14" 2014, LTF entrusted the construction of Saint-Martin-La-Porte exploratory 
works to a JV formed by Spie Batignolles Génie Civil (lead company), Eiffage Génie Civil, 
Ghella SpA, CMC di Ravenna and Cogeis SpA. Part 3B’s works started on May 25™ 2017 on 
the “Lyon” excavation face and on December 18" 2019 on the “Turin” excavation face. The 
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Figure 8. Prediction of the evolution of the convergences at 15 years along the SMP4-P3b gallery and 
location of the poured concrete blocking rings. 


contractual planning provided an end of this part’s works in March 2022. Despite the very 
difficult geologic context expected, and actually found, the means and the methods put into 
operation allowed the completion of the excavation of Part 3B on April 28" 2022, in accord- 
ance with the contractual planning’s objectives of the SMP4 project. 


4.2 Mid-term behavior predictions (15-year period) 


Stability conditions of the face led to the definition of several excavation methods during the 
works depending on the intensity and extent of the unstable zones. A total of 15 changes of the 
excavation methods were required and about ten changes of type of excavation (mécanized, D& 
B). Parts of the gallery made in small section or in reduced section were subsequently rebored: 


— 70% of the gallery is excavated in full section (Rexe-= 6,50m); 

— 11% of the gallery is excavated in full section with laying of the support in parallel with the 
excavation. Part of the immediate support is put after the excavation of half of the section; 

— 5% of the gallery is excavated in a reduced section (R¢x¢.= 4,50m) to improve the stability 
conditions of the face; 

— 15% of the gallery is excavated in small sections (Rex¢.= 3,15m) in areas of strong extrusion 
or in areas of major tectonic accident. Locally, a pilot gallery (Rexe. = 2,10m) was created to 
have better knowledge of the ground conditions in high incertitude areas. 


4.3 Adaptation of the support during excavation 


During excavation, the supports are revised according to the conditions encountered and to 
the instabilities at the tunnel face. Adaptation are managed by the application of charts 
defined by the design office. It mainly concerns the support of phase B (distance from the 
tunnel face; number of slots and compressible blocks; need to replace the TH ribs of phase 
A...). The support system Phase B was change 28 times along the SMP4 gallery. Ribs from 
Phase A have been removed and replaced over 9 sections representing a length of 137 ml. 

The main adaptations of the support during excavation are justified for the management of 
deformations and instabilities of the tunnel face. Controlling the stability of the upper part of 
the face required the addition of bolts inclined at 45° at each excavation. These bolts are 
arranged perpendicular to the main structures of the rock mass. The control of the geometry 
of the excavation and the need to limit the development of failure mechanisms needed a pre- 
support by forepoling with 8 m self-drilling bolts, renewed every 2 to 4 steps of excavation. 
On 170 ml of the gallery, the face reinforcement fiberglass bolts have been replaced by steel 
bolts (16 m self-drilling bolts). These bolts provide better shear strength in areas of greatest 
face deformation. 
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4.4 Some key quantity of Part 3B 


Table 1. Key quantity of part 3B. 


Tunnel length Quantity of shot- Total applica- Total length 

in the “Houiller Average crete putin place tion length of Excavated of anchor Quantity 

Productif” cross (with or whitout PT6B support volume bolts putin of core 

(HP) section fiber) profile (in-place) place surveys 

1205 ml 130m? 61 615 m° 920 ml/1205 ml 182 578 900 ml 49 sur- 
in HP 000 m? veys 


(3093 ml) 


5 LESSONS LEARNED FROM SMP4 EXPLORATORY GALLERY 


The main challenge of SMP1-2 adit in the HP was the management of strong convergences. 
On SMP4, the convergences remained high in the axis of the base tunnel, but less important 
than those measured on the adit. The main challenge of the excavation of the SMP4 explora- 
tory gallery was the management of the tunnel face stability. 

As it was done for the classification of the behavior of the rock mass in terms of convergence, 
four classes of behavior have been are defined in terms of tunnel face behavior based on the 
measured extrusion (Table 2): Class A and B was excavated in full section; Class B with add- 
itional inclined bolts and forepoling. On class B to C section could be excavated in 2 parts with 
immediately support placed during excavation; On class C an alternative was an excavation in 
a reduced section. On class D excavation was done with a reduced or small section. 


Table 2. Tunnel face behavior class. 


Deformation/extru- 
sion at the tunnel 
Classe lithology Degree of tectonization instability and risk face 
A Dominant Moderate: Local blocks instabilities. Low. 
sandstones Fractured rock mass 
B Alternating Fair: fractured to high Blocks instabilities + progres- Low to fair: < 2,5% 
sandstone and fractured rock mass. sive breaks in the roof. 
shale 
C Alternation with High: concerns a large Instability of the tunnel du High: > 2,5% 
dominant shales scale of the tunnel face. front + lens of “dead jusqu’à 4% 
ground” 
D Carboniferous Very hight and general- General instability of the Very high: > 4-5 % 
black shales ized (section and core). tunnel face. 
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ABSTRACT: The present paper is focused on the assessment of ground surface settle- 
ments induced by a Microtunneling construction located in Pikrodafneza stream, part of 
Eshatia stream settlement project. In order to conduct the study, both semi-empirical 
and numerical method have been employed followed by measurements in-situ. Semi- 
empirical method has been settled as a preliminary analysis followed by FE models 
examining two soil conditions, whilst systematic measurements’ acquisition was employed 
during construction. The results are deduced in terms of ground surface settlements and 
evaluation of the geotechnical conditions. 


1 INTRODUCTION 


Pipejacking construction represent a sort of a modern technique of small-scale under- 
ground work, where the urban environment particularly implies challenging conditions. 
Consisted of at least one driving and one reception shaft, may accommodate long dis- 
tance pipeline recommending small to negligible impact on the adjacent infrastructure. 

The current case study is based on the Microtunneling construction located at Pikro- 
dafneza stream, in the municipality of Acharnes, part of the Eshatia stream settlement 
project — section from Efpiridon conduit junction to Parnithos avenue. It consisted of 
one driving and one reception shaft with a total distance of 124 meters. The adjacent 
infrastructures composed of 2-storey buildings, public utilities and two steel pipes of 
diameter @1800mm running above the contour of the microtunneling contour designed 
for bearing 60% of the water supply of Athens and Piraeus. The design characteristics of 
microtunneling and shafts are given in the tables below. 


Table 1. Design characteristics of the shafts. 


Shaft name Type Chainage Depth Depth level Section 

®1 Reception 1+235.48 9.10m +187.40 5.90 x 6.33 m Rectangular 
©2 Driving 1+348.10 10.40 m +189.60 8.00 m Circular 
Total drilling length 124.0 m 

Inclination (donwards positive) 1.8% 


DOI: 10.1201/9781003348030-250 
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Table 2. Design characteristics of the 


microtunneling. 

Parameter Value 
Outer diameter 3.0m 
Inner diameter 2.5m 
Concrete ring thickness 0.25 m 
Concrete ring length 2.0m 
Concrete type C20/25 


© 
D. 


fee AGR 


Figure 1. 2-Driving shaft (left), ®1-Reception shaft (right). 


Figure 2. Pikrodafneza microtunneling (left), Roadheader — cutter boom shield (right). 
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Common design methods against ground surface displacements include semi-empirical and 
numerical methods, whilst monitoring techniques are also employed during the construction 
phase. 

Thus, the analysis of this paper is the assessment of ground settlement troughs for this par- 
ticular case study and the design lessons learnt. For the simulation, a set of numerical FE 
models has been employed, consisted of two potential soil conditions. Precedent analysis had 
been performed using semi-empirical method, whilst real in-situ measurements come to dis- 
cuss the assumptions of the design. 


2 DESIGN PROCEDURE 


2.1 Geotechnical conditions 


The geotechnical conditions along the alignment were investigated by sampling boreholes, in- 
situ Standard Penetration tests (SPT) and permeability tests as well as by an extensive labora- 
tory research program. The subgrade of the area consists of: 


a. a granular surface layer (defined as GS1), approximately 3.5 m thick overlying the forma- 
tion of 
b. of a loose conglomerate (defined as GS2) encountered as: 
e Soil like, i.e. gravels with silt and clay (classification according to USCS: GP-GM, GP- 
GC); 
e Soft rock like, i.e. defined by Hoek-Brown parameters such as GSI and Gei. 


Table 3. Geotechnical design parameters (equivalent for Mohr-Coulomb). 


Parameters 
Friction angle Effective cohesion Young’s Modulus Poisson’s ratio 
Layer (9’) (c’) (E) ©) 
GS1 32° 5 kPa 30 MPa 0.3 (-) 
GS2 (soil like) 37.5° 15 kPa 40 MPa 0.3 (-) 
GS2 (soft rock like) — 43.20° 15 kPa 82 MPa 0.3 (-) 


No ground water level (G.W.L) has been found along the height of the boreholes. The lon- 
gitudinal profile considered in the analyses is presented in Figure 4. 


2.2 Ground settlements’ distribution 


Generally, ground surface settlements are proportional to the overbreak factor and 
external diameter of the microtunnel and inversely proportional to the soil stiffness, 
drilling depth and transversal distance from the tunnel axis. Assessing settlement pro- 
files and their magnitudes recommends a combination of both semi-empirical and 
numerical methods. 


2.2.1 Semi-empirical method 
According to the semi-empirical method proposed by Pipe Jacking Association (1995), max- 
imum settlement is related to volume loss as follows: 


Vs 
iV2n 


(1) 


Smax = 


where Smax = Maximum settlement; V, = ground loss; i = horizontal offset to the point of 
inflexion calculated as follows according to O’Reilly and New (1982): 


2081 


Figure 3. Microtunneling design layout abstract (scale 1:250). 


Figure 4. Microtunneling longitudinal profile abstract (scale 1:200). 


e 0.28z-0.12, for non-cohesive soil; 
e 0.43z+1.1, for cohesive soil. 


where z = is the depth to tunnel axis level as shown in Figure 5a, 
whilst settlements along the transversal axis approach the Gaussian distribution curve pro- 


posed by Peck (1969): 
y2 
Sy = Smax EXP (- Z) (2) 


where y = horizontal offset from tunnel axis. 
Volume loss can be obtained as follows: 


T 


Vs=4 


(B= D;) (3) 
where D, = outer diameter; De = D, + overbreak factor. 

Using Equation 2, settlement distribution chart is generated with respect to the horizontal 
distance from the tunnel axis. Maximum surface settlement is calculated on tunnel axis, whilst 
inflexion point has been considered for cohesive soil type. The graphical distribution of the 
estimated settlement is presented in Figure 5b. 
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Figure 5. (a) Idealized transverse settlement trough (O’Reilly and New, 1982), (b) Transverse settlement 
trough according to O’Reilly and New (1982) empirical method. 


2.2.2 Finite Element Method (FEM) 

Finite element models are driven by geotechnical parameters defined as for the linear elastic — 
perfectly plastic Mohr-Coulomb model. The latter can be shown in Table 3. Boundary condi- 
tions are set as normally fixed and phases are settled describing the sequence of initial stress 
field, water pipe and building activation (if any), excavation and TBM shield activation (after 
resetting displacements to zero), tunnel contraction parameter input, deactivation of TBM 
shield and final lining. 

In addition, three main scenarios have been defined: 


a) Scenario A — corresponding to Section A: microtunneling model without adjacent infra- 
structure (greenfield condition); 

b) Scenario B — corresponding to Section B: microtunneling model with two overlying water 
steel pipes of @1800 mm diameter; 

c) Scenario C — corresponding to Section C: microtunneling model within the minimum range 
of distance between adjacent buildings, as steel pipes still run above its contour. 


A few assumptions regarding the model are listed below: 


— Steel pipes are considered filled with water; 

— Building’s surcharge has been configured as 15 kPa/per storey transmitted uniformly into 
the foundation soil; 

— No grout has been injected between the shield and the drilling section, i.e. onto the over- 
break area. 


The greenfield settlement profile is used to evaluate potential damage caused by tunnel con- 
struction. In general, when selecting the greenfield settlement profile it is assumed that any 
structure follows the greenfield settlement profile, which is considered a conservative approach 
since it’s neglecting restraints from structures’ foundations, which usually reduce the curvature 
of the settlement profile. The settlement trough, as mentioned above, is shown in Figure 7. 


(a) (b) 


Figure 6. (a) Microtunneling model without adjacent infrastructure (greenfield condition), (b) Develop- 
ment of vertical displacements above tunnel axis (greenfield condition). 
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Figure 7. Transverse settlement trough using FE method for both design soil conditions. 


The FE analysis indicated that buildings are located beyond the zone of tunnel influence 
(Figure 3) and the settlements computed were insignificant (buildings are outside the 10 mm 
settlement contour and with a maximum slope of less than 1/500). In either case of soil, the 
shallow settlement trough was examined and it was concluded that the tunnel construction 
was unlikely to cause structural damage on adjacent infrastructure. 

Regarding the overlying water pipes, a number of counter measures were applied during 
construction to ensure face stability and reduce deflections (such as grouting, support plates, 
lower advance rate). Face stability calculations are not presented in this paper, though it shall 
be noted that minimum safety factor was never compromised. 

The following graph demonstrates the maximum deflection trough generated when the 
microtunnel crossed the pipes. 
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Figure 8. (a) Microtunneling model with adjacent infrastructure (Section C), (b) Development of deflec- 
tion on water pipes bottom (Section C). 


2.2.3 Monitoring 

Monitoring initially included the installation of 20 geodetic targets placed in series of 
three along transversal sections, as shown in the red pattern below (Figure 9a). Few geo- 
detic targets have also been placed on adjacent buildings. Driving has been rendered 
possible through laser beam, while drilling deviation angle limit of Bmax=0.5° has never 
been compromised. 

Monitoring also included systematic data acquisition on specific dates. Both horizontal (Ax, 
Ay) and vertical displacements (AH) have been recorded and displayed on charts in the time 
domain. It shall be noted that settlement troughs have been generated while drilling was 
taking place and checked systematically with the a-priori and a-posteriori measurements in- 
situ. In Figure 9b, a vertical displacement chart is shown, where maximum settlements have 
been recorded for each target. 


3 COMPARATIVE RESULTS 
The ground surface settlements computed with semi-empirical method, FE simulation and in- 
situ measurements are shown in Figure 10. Semi-empirical method demonstrates a maximum 


settlement around 9 mm developed above the tunnel axis. On the other hand, using the two 
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Figure 9. (a) Microtunnelling layout along with geodetic targets placed in transverse sections, (b) Trans- 
verse settlement troughs for each geodetic target maximized on specific excavation dates. 


rather conservative soil types for the loose conglomerate, settlement’s reduced to 4-5mm 
depending on the stiffness modulus, but principally on the tunnel contraction, i.e. the volume 
loss as suggested by Pipe Jacking Association (1995). It’s rather evident that numerical models 
provide more accurate results as deformability’s involved within the analysis. Consequently, 
measurements in-situ point out even lower values of settlements up to 1.5-1.7 mm indicating 
the good workmanship and construction, but also that the soil had higher mechanical charac- 
teristics. The formation of the conglomerate has been stiffer than that assumed in the analysis. 

By processing each target’s settlement trough, an approximate regression can be obtained 
with the maximum ground settlement reaching 1.5 mm. In future research, back analyses can 
be conducted using prescribed vertical displacements and assessing young’s modulus sensitiv- 
ity for certain soil formations. 
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Figure 10. Comparative ground surface settlement distribution chart. 


4 CONCLUSION AND DISCUSSION 


The present paper is a real example of geotechnical assessment of ground surface displace- 
ments under urban challenging conditions. Considering a semi-empirical method, modulus of 
elasticity is not considered and therefore settlements depend greatly on the computed volume 
loss, which has been obtained by considering an overbreak factor given by literature and after 
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consulting pipe jacking contractor (SOLGRO Ltd — Construction methodology). The latter 
can be reassessed through back analyses in another study. On the other hand, numerical 
approach suggests a more accurate approach as elastic and mechanical parameters of the soil 
are involved in the analysis. For the current analysis, tunnel contraction parameter, which 
simulates the volume loss, has been defined as a percentage of the tunnel’s volume, computed 
as with semi-empirical method. Despite the fact that semi-empirical method is more simplistic, 
still forms a solid basis and shall be considered for preliminary analysis. 

In the frame of the construction method, a number of measures that regard excavation and 
face stability have been applied. Low values of settlements measured in-situ affirm the good 
construction and the favorable surrounding soil conditions. The acquaintance with the geo- 
technical uncertainties (e.g. soft rock like formations) strongly suggests a thorough geotech- 
nical campaign along with a conservative soil behavior interpretation and risk analysis. 

Regarding the steel pipes’ deflection threshold, the latter has not been overcome during con- 
struction. For Cross Hollow Sections (CHS) encountered as: 


a. beams, in which the limit L/250 is strictly applied and denotes the differential deformation 
which is applicable at any length or, 

b. mortar coated steel pipes, in which, according to American Water Works Association 
(AWWA M11) and American Lifeline Alliance (Guides for the Design of Buried Steel 
Pipes, 2001), the threshold is limited to 2% of the outer diameter, not significant deform- 
ations have been observed (Figure 8b). 
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ABSTRACT: The Brenner Base Tunnel (BBT) incorporates the latest safety standards in tun- 
nelling. The project consists of two main tunnels, an exploratory tunnel and four adits. The oper- 
ational safety plan of the BBT includes the construction of cross-passages and 3 emergency stops. 
The emergency stops connect to the external adits allowing the intervention of emergency vehicles 
and the extraction of smokes in case of fire. The present paper focuses on the construction experi- 
ence related to the construction of the Italian emergency stop in Trens. This underground work 
consists in a central tunnel connected through cross-passages to the main tunnels. The main 
design and construction challenges are represented by the interaction between underground struc- 
tures in combination with the high overburden and medium-low strength rock mass. The excava- 
tion is currently successfully completed. A comparison between the forecast geology and the 
cross-check will be analyzed also considering the data from the in-depth monitoring system. 


1 INTRODUCTION 


The Brenner Base Tunnel, with its 64 km long, will be the longest high-speed railway tunnel in the 
world (Figurela). It will cross the Alps between Italy and Austria with a maximum overburden 
1800 m, being a part of the Scandinavian-Mediterranean European Corridor 5 (Insam et al., 2022a, 
Insam et al., 2022b, Eckbauer et al., 2014). The project comprises two one-track 10m diameter 
main tunnels, each about 55 km long, located at 40 m-70 m. At 12 m below them, a 6.5 m diameter 
exploratory tunnel is built to minimize the risks during the excavation phase, and to optimize the 
logistical, safety and drainage aspects. The base tunnels are connected every 333 m by emergency 
tunnels. BBT project also includes a connecting tunnel to the existing Innsbruck connection, 3 emer- 
gency stops (FdE) 20 km spaced, 4 access tunnels, logistics caverns, rescue tunnels and ventilation 
shafts. The total excavation length is approximately 230 km, 70% of which will be excavated using 
gripper or shielded TBMs. The slope in the base tunnel is 4%o on the southern flank of the Brenner 
(Italy), and 6.7% on the northern side (Austria). The project is financed by the European Union 
(40 %) as well as by the Austrian and Italian governments (30% each), and the overall costs amount 
to 10 billion EUR. The design phase started in 1999, while the construction of the first section 
began 2007. The project will be completed in December 2026, allowing the passage of 330 trains 
per day, and a reduction of travel time between Fortezza and Innsbruck portals from 80 minutes to 
25 minutes, since - except for the portal areas - the BBT is designed for a maximum speed of 
250 km/h. A general overview of the BBT system is shown in Figure 1. The present paper focuses 
on the construction experience related to the construction of the Italian emergency stop in Trens. 
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Figure 1. Brenner Base tunnel system. 


2 THE EMERGENCY STOP IN TRENS - DESIGN PHASE 


2.1 Layout and main challenges 


The Emergency Stop in Trens (km 44+555 - km 45+025) which is part of the Mules 2-3 lot, 
has an average overburden of 1100 m and mainly consists of a 470 m long central tunnel con- 
nected every 90 m to the two-main tunnels via ventilation and emergency tunnels (Figure 2). 
The central tunnel is divided in two parts by means of an intermediate slab that allows, in the 
case of a fire, the extraction of smokes and the supply of clean air. The upper part of the cen- 
tral tunnel is connected with the exhaust air ducts crosscut, while the lower part is linked with 
the cross-connection tunnels (CC) and ensures the access of the rescue vehicles and allows 
fresh air supply. Below the emergency stop is located the exploratory tunnel. 

The main design and construction challenges of the whole BBT Project can be summarized 
as follow: i) complex interaction between underground structures located at 2 different eleva- 
tions; ii) high overburden; iii) medium-low strength rock mass composed mainly of schists as 
described in the following. 
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Figure 2. Details of the emergency stop in Trens (modified from Merlini et al., 2019). 


2.2 Geological conditions expected in the design phase 


The BBT lies in the central eastern Alps, crossing the collision area of the European and the 
African plate and the contact line between the two plates in this area is called Periadriatic Line. 

During the design phase, the geological information in which the emergency stop will be 
excavated was based on the results of the surface surveys and one inclined borehole from sur- 
face. The maximum overburden in the area of the Emergency Stop is approximately 
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1100 m. Taking into account the following figure, the geomechanical units presents with an 
indication of the expected rock mass behaviour are summarized below: 


— Amphibolite (RMR=70+45): behaviour of rock mass from slightly-moderately squeezing 
and risk of tunnel face instability slightly-moderately. 

— Tauri fault system consisting of cataclasite, cachirite, fault gouge, phylonit rocks 
(RMR=30 for the damage zone and RMR=20 for the core zone): behavior of rock mass 
from moderately high squeezing, high risk of rock-blocs instability and risk of tunnel face 
instability from moderately high. 

— Biundnerschiefer: schists, phyllites and dolomites (RMR=60+5). Behaviour of rock mass 
from moderately high squeezing and moderately risk of tunnel face instability. 

— Avens fault system consisting of fault gouge, cataclasite, cachirite rocks (RMR=30 for the 
damage zone and RMR=20 for the core zone): behaviour of rock mass from moderately 
high squeezing, risk of rock-blocs instability and risk of tunnel face instability from moder- 
ately high. 

— Schists with low carbonate, triassic and ophiolite (RMR=60+5): behaviour of rock mass 
from moderately high squeezing, risk of rock-blocs instability and risk of tunnel face 
instability from moderately high. 


In general, the risk of rock-blocs instability and risk of tunnel face instability is expected 
moderately high. From the hydrogeological point of view in this area, the water ingress will be 
limited to 3 1/s. 

Despite the extensive investigations carried out (boreholes down to 700 m depth), signifi- 
cant geological and mechanical uncertainties inside the tectonized materials within this geo- 
logical structure still remain. To reduce the level of uncertainty, the exploratory tunnel has 
been designed to be excavated in advance at least 500 m before the excavation of the main 
tunnels (Maggio et al., 2022). 
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Figure 3. Longitudinal profile of geology with main Lithological units. 


2.3 Rock supports and excavation method 


Based on geo-mechanical risk scenarios forecasted, 5 standard support classes (Merlini et al., 
2019) were designed for the main tunnels and the central service tunnel inside the Emergency 
Stops (Figure 4): 


— T2-T3 (4%): 41sRMR<60, amphibolite. Fibre-reinforced shotcrete (15 cm), bolts Super- 
Swellex Pm24 (length 4.50 m, p = 1.80 m transv. x 1.50 m long); 

— T4 (28%): 21<RMR<40, gneiss, paragneiss and quartzite. Fibre-reinforced shotcrete 
(30cm), double 2 IPN180 ribs (distance 0.75-1.50 m), self-drilling R38N with length up to 
6 m, RSIN self-drilling cemented bolts (length 12.00 m, transversal interval = 0.75 m and 
longitudinal interval 3.00m), 32 R38N self-drilling cemented bolts (length 15.00 m); 

— T5 (45%): 21sRMR<40, schists and cataclastic rock. Fibre-reinforced shotcrete (30 cm), 
double 2 IPN180 ribs, self-drilling R38N (length up to 8 m), R51N self-drilling cemented 
rods (length 12.00 m, transv. interval 0.75 m longitudinal interval 3.00 m), cemented self- 
drilling rods (length 15.00 m); 
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— T6 (26%): 0sRMR<40, faults zones and rock mass with high squeezing behaviour. Fibre- 
reinforced shotcrete (30 cm), TH36 ribs (distance 0.5-1.00 m), self-drilling R38N (length 
10 m) RSIN  self-drilling cemented rods (length 12.00 m, transv. interval 
0.75 m longitudinal interval 3.00 m), cemented self-drilling rods (length 15.00 m). 


For the enlarged sections crossing between the central tunnel and the exhaust air crosscuts, 
were applied 2 rock supports classes: 


— a-T2 rock support classes (fibre-reinforced shotcrete 25 cm thickness, self-drilling R38N 
length 6 m/transv. interval 1.80 m/long. interval 1.50 m, SNo28 length 5.5 m/transv. interval 
1.80 m/long. interval 1.50 m, R51N self-drilling cemented rods length 15.00 m); 

— a-T3 rock support classes (fibre-reinforced shotcrete 30 cm thickness, TH36 ribs distance 
0.75-1.00 m, SNo32 length 8 m, R51N self-drilling cemented rods length 8.00-15.00 m/ 
transv. interval 0.75-1.50 m/long. interval 1.50-3.00 m). 


Figure 4. Support classes. 


For the main tunnel and central service tunnel, the cast in situ final inner lining consists of 
C30/37 reinforced concrete (minimum thickness 60 cm). For the 3.30 m radius exploratory 
tunnel a double lining system is designed consisting of precast concrete segments C50/C60 
with a 30 cm thickness and in-situ cast inner lining of C30/37 reinforced concrete with min- 
imum thickness 35 cm. Polypropylene fibers was inserted in inner lining are foreseen for fire 
safety. 


3 DESIGN MODIFICATION DURING THE CONSTRUCTION PHASE 


During the construction, the Contractor proposed some design optimization, with anticipation of 
the TBM-excavation of about 2.3 km through Fortezza. The mechanized excavation of the Trens 
emergency stop involves a TBM machine misalignment in the horizontal direction of about 
46 cm. To reduce the impact of possible interference between the tunnels, the Exploratory Tunnel 
has been moved down of about 3 m in the emergency stop area without impact to the general 
alignment. For the emergency stop a double system lining is proposed consisting of a precast seg- 
ment lining 45 cm thick internal lining completed by means of a casted concrete layer. The two 
lining are made structural coupling with metal plugs in steel, between the two lining a spray 
waterproofing membrane has been introduced. Moreover, the expanded clay in place of the Pea- 
gravel on the main tunnels and the above exploratory tunnel were used (Figure 5). 

In the zone of the FdE, the two main tunnels and the exploratory tunnels are excavated by 
means of shielded TBM, while central and by-pass tunnels are excavated by conventional 
methods (drill and blast). 
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Figure 5. Design optimization during the construction (Merlini et al., 2019). 


4 TUNNELING EXPERIENCE 


4.1 Explorative tunnel 


The excavations of the exploratory tunnel and base tunnels close to the FdE showed 
that the site is characterized by the presence of a rock mass better than those expected, 
with RMR values ranging from 50-60 and mainly consisting of the limestone complex 
(schists, phyllites, dolomites) and only some confined fault systems were encountered 


(Figure 6). 


The average excavation speed for the exploratory tunnel in correspondence of the Emer- 
gency Stop in Trens were quite good and equal to 16.1 m/d (max. 28.5 m/d), with average and 
maximum TBM thrust values of 6 MN and 10.5 MN, respectively (Figure 7). The excavation 
of the exploratory tunnel in correspondence of the Emergency Stop in Trens required 2 


months (between August 2018 and September 2018). 
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Figure 7. Exploratory tunnel excavation (modified from Falanesca et al., 2022): a) RMR and tunnel 


advance; b) RMR and TBM thrust. 
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4.2 Main tunnels 


The average tunnel advance for the two main tunnels East (GLEN) and West (GLON) in cor- 
respondence of the Emergency Stop in Trens was about 20m/d (Figure 8a), with average and 
maximum TBM thrust values of 15 MN and 20 MN, respectively (Figure 8b). The RMR 
along the FdE is also given with an average value equal to 50. The excavation of the main 
tunnels in correspondence of the Emergency Stop in Trens required 1 month each one 
(between September 2019 and November 2019). The excavation of the main tunnels and the 
central Trens tunnel took place without any problems, with no impact on the linings installed. 
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Figure 8. East and West main tunnels: a) RMR and tunnel advance; b) RMR and TBM thrust; c) 
TBM-S West main tunnel (diameter: 10.65 m, power: 4200kW, thrust force: 9SMN, cutters: 61). 


4.3 Central service tunnel and cross connections 


The excavation of the central service tunnel in the FdE sector started in June 2020 and finished in 
November 2021 (Figure 9a). Figure 9b shows a comparison between the support class forecasted 
and executed for the central service tunnel. If compared with the forecasts, the support classes T2, 
T3, T5 and T6 have not been or less used in the construction phase. On the other hand, support 
classes T4 was used three times high than those expected with some further optimizations, i.e 
Swellex bolts 5.5 m length instead of R51N self-drilling bolts so allowing time and cost saving. 
Also for enlarged sections, a-T2 support class was not used, while the amount of the adopted 
a-T3 support class was aligned with the forecasted quantities. The average excavation speed for 
the central service tunnel in correspondence of the FdE was about 1.35 m/d and required 17 
months (between June 2020 and November 2021). The excavation of cross tunnels (CC) is almost 
completed: T3 (bolts SuperSwellex Pm24) and T4 (ribs HEB120 or 2xIPN120) were the rock sup- 
port classes adopted, respectively 45% and 55%. 
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Figure 9. a) Excavation of the central service tunnel; b) Comparison between the support class fore- 
casted and executed for the central service tunnel. 
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5 MONITORING SYSTEM AND DATA ANALYSIS FOR THE FDE 


An extensive monitoring campaign was carried out during all excavation phases for the 
exploratory tunnel (CE), the two main tunnels and the central Trens tunnel to monitor 
the behaviour of the rock mass and the stress/strain response of the installed supports due to 
the excavation of the nearby underground structures. The outcomes of the monitoring system 
during the construction phase were compared to the design solution, confirming the import- 
ance of the observational method to verify the assumptions used in the numerical modelling 
(Oreste & Migliazza, 2017). For sections excavated by means of TBM, instrumented concrete 
segments with strain gauge bars were installed (Figure 10). 
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Figure 10. a) convergence of TBM segmental lining through AWCS system; b) Strain-gauges monitor- 
ing on TBM segmental lining. 


For all the sections excavated by means of traditional methods, the convergence was measured 
by using optical targets, while the induced stresses were measured by using instrumented anchors 
and load cells placed into the ribs. Maximum and minimum recorded strains, and their threshold 
values, for the CE and GLON sections close to the Trens emergency stop are given in Figure 11 
(left and right). The strains were measured by means of gauges placed inside the TBM segment at 
different locations around the transversal section, according to the positioning scheme showed in 
the same pictures. The strain evolution on the CE and GLON liner is given depending on the 
excavation phases of the nearby underground structures: i) CE excavation, ti) GLON excavation, 
iii) GLEN excavation, iv) FdE-CcT excavation, v) CC excavation. A limited influence of the exca- 
vation of the adjacent structures occurred on the exploratory tunnel (CE) can be observed. All 
recorded strain data remained well below the threshold values of compressive stress for concrete 
(attention: -566 um/m, alarm: -735 um/m) and tensile stress for steel (attention: 1375 um/m, alarm: 
1786 um/m). The threshold values of strain were obtained by knowledge of the threshold values of 
compressive stress for concrete (warning: 20.4 MPa, alarm: 26.5 MPa) and threshold values of 
tensile stress for steel (warning: 288.8 MPa, alarm: 375 MPa). Also for the west main tunnel 
(GLON) a limited influence of the excavation of the adjacent structures, including the transverse 
tunnels connecting the FdE-CcT and the main tunnels, can be observed in terms of strain. Only at 
the km 45+036, in correspondence of a fractured zone, a strain gauge bar reached a value close to 
the attention level. All the other bars showed values well below the threshold values. 


6 STATUS OF THE WORK 


The excavation of the Emergency Stop in Trens started in December 2018. The excavation of 
the FdE in Trens is nearly completed, with the construction of the transverse ventilation and 
emergency tunnels by the cutting of the main tunnel segments (Figure 12). Thanks to the opti- 
misation during the construction phase, all the excavations were successfully completed and in 
track with the contractual Construction Programme. The final lining and finishing will follow 
in the next year, while for Lot Mules 2-3, works are scheduled to be finished in 2024. The 
whole project is scheduled for 2032. The total costs for the Emergency Stop in Mules resulting 
from the detail design solution amounted to approximately 44.2 M€, while thanks to the opti- 
misations during construction phase, an expected saving of around 6 million will be attained. 
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Figure 11. a) Measured strains into the CE segment lining with the excavations, b) measured strains 
into the GLON segment lining with the excavations. 
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Figure 12. a) Overview of central service tunnel and cross connections, b) main tunnel in correspond- 
ence to the Emergency Stop in Trens. 


7 CONCLUSION 


This paper focuses on the construction experience gained during the to the construction of the 
emergency stops of Trens. Consists in a 470 m long central tunnel connected to the main tun- 
nels every 90 m the FdE showed several design challenges represented by the complex inter- 
action between underground structures at 2 different levels, together with the medium-low 
strength rock mass and the high overburden. The outcomes of an extensive monitoring system 
are presented and revealed to be an essential tool to monitor the influence of the excavation 
on the existing underground structures in terms of stress and strain. 
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ABSTRACT: This paper describes the main underground works of the Brescia - Verona 
high-speed/high capacity railway which is part of the new Milan-Venezia railway link. An 
overview of the design challenges and construction experience of single-bore double-track 
and twin bored single-track tunnels, bored in urbanized area by traditional excavation 
technique and by a tunnel boring machine will be shown. For the mechanized excavation 
of the Lonato tunnel, an EPB TBM with a diameter of 10.03 m are used. In particular, the 
construction experiences for the first tube completed in September 2022 are discussed. The 
geotechnical and design challenges are related to the sub-crossings of the A4 motorway 
with extremely reduced ground overburden, ranging between 7 and 12 m, and large exten- 
sion up to 425 m. The excavations are carried out in highly heterogeneous geological for- 
mations consisting of glacial, fluvioglacial and glacio-lacustrine deposits with very variable 
permeability values. 


1 INTRODUCTION 


The new HS/HC Brescia East-Verona railway line is one of the linchpins of the Core Mediter- 
ranean Corridor set to connect the ports of the south of Iberian Peninsula with the Ukrainian 
border. The alignment runs for approximately 48 km, from Mazzano (province of Brescia) to 
Verona mostly alongside the existing infrastructures in the area, about 30 km parallel to the 
A4 motorway and about 8 km in alignment with the existing railway line (Figure 1). The pro- 
ject consists in the construction of three railway tunnels in soft ground by means of conven- 
tional and mechanized tunnelling as well as the execution of several sections by means of cut 
and cover and top-down (Tanzini et al., 2021). 
In summary the project involves the following underground works: 


— Conventional and mechanized tunnels for a total length of 11.2 km; 
— Cut and cover and top-down tunnels for a total length of 5.0 km; 
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Figure 1. The high-speed/high-capacity Brescia East -Verona railway line. 


— Lonato Tunnel (diameter 10 m): 
Twin-tube tunnel excavated by means of EPB TBM (about 4,800 m each) 
Two cut and cover tunnels partially mono-tube and partially twin-tube (2,781m) 
— San Giorgio in Salici Tunnel 3.4 km (equivalent diameter about 14 m): 
Conventional tunnel, single tube (1,427m) 
Two cut and cover tunnels, single tube (1,966m) 
— Calcinato II Tunnel 460m (equivalent diameter about 14 m): 
Conventional tunnel, single tube (230m) 
Two cut and cover tunnels, single tube (230m). 


The main challenges of the project are represented by the excavation in soft ground with 
shallow overburden inside heterogeneous geological formations and very variable perme- 
ability values together with the interferences of the existing infrastructures and buildings. 
In this paper mainly the most challenges inherent to the Lonato tunnel will be discussed. In 
particular the solutions adopted to underpass the A4 motorway (6 lanes + 2 emergency 
lanes) with extremely low overburdens, between 7 and 12 m for a 425-m long sub-parallel 
stretch are presented (Figure 2). 

The project was commissioned by the Italian Railway Network (RFI - Rete Ferroviaria 
Italiana) to the Cepav Due consortium (Saipem, Impresa Pizzarotti and the ICM Group). 
Pini Group is involved in the detailed design and support during construction. The economic 
investment in the Brescia East-Verona functional lot, approved by the Inter-ministerial Com- 
mittee for the Economic Planning, is 2,499 million euro whilst the quota assigned to Cepav 
Due is 2,160 million euro. 
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Figure 2. Detail of Lonato tunnels underpassing the A4 motorway. 
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2 GEOLOGICAL, HYDROGEOLOGICAL AND GEOTECHNICAL CONDITIONS 


The underground works involve fluvio-glacial and glacial deposits of the Garda Morainic Amphi- 
theatre. These deposits are characterised by extreme heterogeneity, with continuous alternations 
of soils with very different fractions of clay, silt, sand and gravel, with the presence of pebbles, 
clasts and boulders, even of metric dimensions. 

The geotechnical investigations, consisted of continuous core drilling, the installation of piezo- 
meters, on-site tests and measurements, mainly consisting of SPT dynamic penetrometric tests, 
Lefranc permeability tests, and Down-Hole and Cross-Hole geo-physical tests; in addition, 
numerous samples were taken for laboratory tests. The extreme stratigraphic heterogeneity and 
granulometric variability of the soils made the usual on-site tests such as SPT and laboratory 
tests difficult to use and interpret. In most cases it was in-fact difficult to obtain undisturbed sam- 
ples, and consequently geophysical tests (especially Cross-Hole tests) were preferred. 

This geological complexity inevitably has consequences on the hydrogeological conditions, 
characterised by irregular and extremely variable permeability values in relation to the various 
deposits present (glacial, fluvioglacial and glacio- lacustrine deposits), confirmed by the 
numerous Lefranc permeability tests conducted in the boreholes (Figure 3). The extreme vari- 
ability in the distribution of the maximum piezometric values monitored makes difficult, if 
not impossible, to provide a contiguous piezometric surface along the entire design geological 
section. This is explained by the presence of complex aquifers, whose cross-correlation, diffi- 
cult to interpret, is regulated by variability of the permeability coefficients. Furthermore, 
localised shallow aquifers within the fluvioglacial units are well known in this area. 

Figure 4 shows the schematic design geotechnical longitudinal profile with an indication of 
both the main geotechnical units identified and the water table level. From the geotechnical 
point of view, the investigations and geotechnical studies led to the identification of two sec- 
tions. The first section, from the 115+990 km (beginning of the tunnel entrance on the Milan 
side) to the 118+000 km, for a length of approximately 2010 m, is characterised mainly by the 
presence of gravel with weakly silty sand and weakly silty sandy gravel and presence of fine- 
grained soil around 10% - 15%. The second section, from approximately km 118+000 up to 
the entrance on the Verona side (till km 120+772), for a length of 2772 m, is characterised by 
the presence of gravel with weakly loamy silty sands and sandy silty soils with weakly loamy 
gravel. In this section the presence of fine-grained soils is variable and on average ranges 
between 30 and 40%, reaching percentages of over 40% in some cases and values of around 
20% in some sections. The maximum overburden of Lonato tunnel is approximately 80 m and 
the maximum hydraulic pressure is estimated equal to 6 bar. 

The geotechnical characterisation along the development of the tunnels was particularly 
complex, especially the identification of sections with homogeneous geotechnical behaviour, 
on the basis of which to identify in particular: 
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Figure 3. Lonato Tunnel: on the left, results of particle size analyses at the depth to the excavations for 
the different soil fractions (gravel, sand, silt, clay) and on the right results of Lefranc permeability tests 
carried out in boreholes. 
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— for tunnels excavated by traditional methods, the standard support classes also with the 
correct definition of the pre-confinement measures ahead the excavation face. 

— for mechanised tunnels, the methods of soil conditioning in the excavation chamber of the 
EPB TBM and the operating parameters to be adopted during the advancement of the shield. 


TUNNEL, LONATO TUNNEL TUNNEL 


GA06 7 North tube tot. length=4782 00m - South tube tot. lengthe 4750 50m GAOT 


Figure 4. Lonato Tunnel: longitudinal geotechnical profile. 


3 DESIGN CHALLENGES 


The construction of the new High-Speed/High-Capacity (HS/HC) Brescia East-Verona railway 
line required the adoption of particularly demanding underground technical and technological 
solutions. The Lonato Tunnel is located south of the town of Lonato adjacent to an industrial 
area. Within the theoretical subsidence basin, several buildings were also detected. The Lonato 
twin tube system is characterized by: length of tubes 4,782.0 and 4,751 m; minimum curvature 
radius equal to 7,130 m; maximum longitudinal gradient equal to 0.605%; distance between the 
two tubes approximately 30 m; 10 safety by-pass each approx. 500 m and 1 by-pass for railway 
equipment (Figure 5 and Figure 7). 

The EPB TBM is designed to cope with these difficult an heterogeneity geological contexts. 
The main data are: 


— nominal diameter of the excavation head = 10.03 m 

— excavation head weight = 185 tons 

— excavation head opening factor = 34%; 

— trenching tools for the trenching head: 6 central double discs (cutters) + 50 discs with 18” 
single cutting edge for a total of 62 cutters; front and peripheral scrapers, welded rippers 
and copy cutters capable of over-excavation up to 60 mm 

— maximum excavation chamber pressure = 6 bar; 

— shield length = 15.5 m; 

— back-up length = 150 m; 

— electric motor power = 3,850 kW; 

— thrust and articulation system consisting of 18 groups of double cylinders for a total of 36 
cylinders divided into 6 groups; 

— maximum cylinder stroke = 3,500 mm; 

— maximum thrust = 143,000 kN; 

— maximum torque = 22.2 MNm at 1.57 rpm; 

— 16 grout injection ports of which 6 active and 10 reserve located in the tail shield. 


The characteristics of the tunnel lining ring in precast segments are as follows: 


— internal diameter = 8.80 m 

— thickness of segments = 0.45 m; 

— incidence of reinforcement = 145.0 kg/m’; 

— segment length = 2.00 m; 

— universal ring consisting of six segments; 

— concrete strength class C35/45; 

— waterproofing system with hydraulic tightness of 7 bar; 

— continuous injections of two-component cement mixtures in order to fill the annular gap 
and counteracting the potential lost volume phenomena. 
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Due to the different and complex risks scenarios presented, the following counter-measures 
were considered in the detail design: 


— for the A4 underpass area and in sections with nearby buildings, soil improvement around 
the tunnels through the Horizontal Directional Drilling (HDD) technique; 

— detailed studies for the definition of conditioning agents to guarantee, especially for cases 
of predominantly coarse-grained soils (gravel with sand or sand with gravel with silt - clay 
fractions less than 30%), the correct pressure values in the excavation chamber necessary to 
guarantee the stability of the face also in the case of the presence of water pressure up to 6 
bar avoiding all possible filtration, erosion and seepage phenomena; 

— the possible presence along the entire tunnel alignments of boulders and cemented areas 
had an impact on the EPB TBM specification with regard to: (1) the possibility of systemat- 
ically carry out investigations ahead of the face (2) the type and extent of the cutting edges 
of the TBM cutting head and (3) the system to be adopted for the extraction of the mucks. 
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Figure 5. Lonato Tunnel: Typical cross section and layout of the twin tube system. 


The excavation of the by-passes will be carried out with full-face conventional method below 
the water table and mainly in soils with a coarse-grained fraction and loose behaviour. Firstly 
from one of the main tunnel, injections by means of valved fibreglass pipes around the perim- 
eter of the excavation and within the excavated volume will be executed. Once injections are 
completed, the segmental lining is supported by a steel frame consisting of circular ribs. At this 
stage, the demolition of the segments can be executed. The full-face excavation of the by-pass 
includes a primary lining consisting of 2 IPN180 steel ribs spaced 1.0 m and 25 cm thick fibre- 
reinforced shotcrete (Figure 6). For the ground reinforcement at tunnel face and around the 
tunnel are designed respectively 36 and 27 valved fibreglass pipes 060/40. The final lining con- 
sists of reinforced cast concrete with a minimum thickness of 80 cm. 

During the detail design phase, extensive analytical (Anagnostou and Serafeimidis, 2007) 
and numerical models are performed with Plaxis 2D and 3D software in order to evaluate the 
correct choice of supports, TBM parameters (i.e. the pressure in the excavation chamber) and 
consequences on surface. The results of these analyses allowed for the definition of reference 
guidelines for TBM excavations according with the ADECO-RS approach (Lunardi, 2006), 
by predicting solutions in the different geotechnical units and risk scenarios. Based on the 
stratigraphic conditions present in this section, a representation of the three-dimensional 
numerical model adopted for the numerical analyses is shown as an example in Figure 7. 

Finally an extensive monitoring system is designed. This system consists mainly in: 


— vertical and horizontal displacements monitoring through multi-base bar strain gauges and 
extenso-inclinometers installed in boreholes; 

— 3D ground subsidence monitoring by topographical targets; 

— tunnel convergence by optical system for the cross-passages; 

— strains in the reinforcement bars monitored by strain gauges inside segmental lining; 

— 3D displacements monitoring by targets installed in the nearby buildings. 
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Figure 6. By-pass excavation — longitudinal section. 
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Figure 7. 3D numerical FE-models performed during the detail design for the A4 motorway underpass- 
ing: on the left example of geotechnical model and on the right vertical displacements. 


4 TUNNELLING EXPERIENCE 


The EPB TBM successfully completed the excavation of the first tube with a 4,751 m length in 
September 2022. During the excavation, a constant follow-up of the EPB TBM parameters is 
performed, verifying the compliance to the design predictions and allowing possible adjustment 
of the advancement modes where necessary. The main TBM parameters kept under direct con- 
trol are: pressure in the excavation chamber; bulk density in the excavation chamber; thrust cylin- 
der advance; advance speed; penetration; cutting head torque; back-filling pressure; back-filling 
volume; volume of foam injected for soil conditioning; weight of extracted material; volume of 
extracted material; advancement rates and ring installation working times. 

The tunnelling experience substantially confirmed the design predictions and the constant 
adjustment of the excavation parameters made it possible to minimise the subsidence recorded 
on the surface. In terms of EPB TBM parameters, the earth pressures calculated in the design 
phase are confirmed to be between 1.20 bar and 4 bar. The pressures applied during excavation 
(Figure 8) are largely a function of the effective hydraulic load constantly verified by the 
installed piezometers and only to a lesser extent due to the ground pressures. The use of these 
pressures, together with a correct excavation chamber set-up, allowed the balance conditions of 
the excavation face. During excavation, four additional piezometers were installed in the section 
with the highest hydraulic load, in order to properly calibrate the earth pressures applied in situ. 

A key aspect that was constantly verified during construction, and particularly complex 
for heterogeneous soils under excavation, concerned the conditions of homogeneous density 
distribution of the conditioned material in the excavation chamber. In fact the heterogen- 
ous moraine formations imply a constant adjustment of the soil conditioning in order to 
avoid parametric imbalances of apparent density in the excavation chamber that could 
reduce the effectiveness of the counterpressure at the excavation face. In this context, both 
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the development of the pressure gradient along the chamber and the distribution of the 
apparent densities calculated on different combinations of sensors were continuously veri- 
fied (Figure 9 - left). This made it possible to adjust the conditioning soil and eliminate the 
presence of air bubbles and apparent density degradations, which can excessively reduce the 
effectiveness of the pressures, leading to seepage phenomena in the chamber and instability 
of the excavation face. 

Conditioning was adjusted both in terms of: 


— FIR with values between 35% - 85% with minimum values associated with clay and max- 
imum values associated with sandy gravelly deposits; 

— FER with values between 8 and 10 

— excavation water with values between 5 and 10 m°/ring. 


The extractions recorded (Figure 9 - right) during the construction were always 10-15% 
higher than the design predictions due to a slightly higher density at tunnel depth than expected, 
mainly attributable to the greater clustering of the sandy gravel deposits and the moderate over- 
consolidation of the clayey deposits. The boulders were found with smaller sizes and with less 
frequency than expected. Extraction values were consistently high and uncorrelated with the 
change in applied earth pressures. This aspect demonstrates a substantial stability of the excava- 
tion face that is also confirmed by the trend of subsidence at the surface. 
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Figure 8. Lonato Tunnel, trend of earth pressure in tunnel crown - the start correspond to the Ring 
0 (tunnel distance 115+990) and the last ring corresponds to the number 2311 (tunnel distance 120+604). 


On the other hand, an important element of correlation is the over-extractions recorded at 
rings 1450-1500. These extractions should not be associated with the counter-pressures 
applied, but with the inhomogeneity present in the excavation chamber generated by condi- 
tioning difficulties. These events caused some surface localized collapse in areas where there 
was no interference with buildings or infrastructure. After these events additionally ground 
improvements from the surface are required in order to carry out extraordinary maintenance 
on the EPB TBM. In a first phase ground improvement with expanding polyurethane resins 
was carried out in order to protect the cutting head by the following interventions consisting 
in jet grouting columns with diameter 1800 mm spaced 0.9x1.05 m to form a seal slab and 
lateral walls to prevent water inflow with hydraulic pressure up to 2 bar. This standstill lasted 
about 5 months. After this main standstill, excavations are performed without any particular 
problems. The advance rates ranges between 20 to 24 m/day with maintenance stops about 
every 300 m. 

During the advancements, back-filling injection volumes always exceeded the design pre- 
dictions. This aspect for clay sections implies the absence of radial convergence at the shield 
while for granular sections implies good annular gap stability or a good permeability. The 
subsidence recorded during the underpassing of the A4 motorway was 2-3 mm and 
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therefore slightly lower than the design prediction (Figure 6). At the locations of the build- 
ings in general, subsidence of 2 mm are recorded; a singular maximum value of 1 cm was 
observed without any occurrences of criticalities (Kastner et al., 2003; Tanzini 2012). These 
values agreed with the design forecasts and can be related to lost volumes between 0.10% 
and 0.45% with more frequent values closer to the 0.10%. These are optimal values for an 
EPB TBM excavation. 

Another important aspect to highlight concerns the cutter wear. The moraine deposits 
being excavated present a marked heterogeneity in terms of both lithology and petrog- 
raphy, in particular there are different types of clasts, both calcareous, porphyritic and 
gneissic with a high quartz content and consequently high wear capacity. This has gener- 
ated the need of standstills under hyperbaric conditions at frequencies between 280 m and 
450 m. These stops occur when the excavation parameters (torque and penetration) indicate 
degradation of the excavation performance of the cutter head and lead to the replacement 
of rippers and cutters. 

The average advance rate is equal to approx. 7.1 m/day. Neglecting the two standstills required 
for additional soil improvements from the surface the average advance rate is equal to approx. 
9 m/day. The maximum values were approximately equal to 28 m/day (Figure 10). 
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Figure 9. Lonato tunnel — on the left: trend of apparent densities in the centre of the chamber along the 
entire tunnel alignment (values greater than 1.80 are related to clogging or sensor anomalies, values less 
than 1 are associated with chamber emptying during hyperbaric maintenance shutdowns); on the right: 
extraction and earth pressure trends along the tunnel alignment. 
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Figure 10. Lonato tunnel — advancement rates [m/day] recorded. 


5 STATUS OF THE WORK 


The completion of the HS/HC Brescia East - Verona railway line is about 40 per cent on the 
construction programme. Construction began in the summer of 2019 and is expected to be 
completed in 2026. 
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In the next months, the EPB TBM that completed the first tube of Lonato tunnel, will be 
dismantled and transported to the west portal for reassembly and to continue with the excava- 
tion of the second tube scheduled on January 2023. The San Giorgio in Salici tunnel is under 
construction and is approximately 40% completed (Figure 11). The start of excavations for 
the Calcinato Tunnel is scheduled by the end of 2022. 


Figure 11. On the left, Lonato tunnel breakthrough of the EPB TBM that excavated the first tube; on 
the right, San Giorgio in Salici under excavation. 


6 CONCLUSION 


An overview of the design challenges and construction experience of the underground woks 
for the new HS/HC Brescia East-Verona railway line is discussed. The low overburdens of the 
tunnels, especially in the sections relating to the under-passing the A4 motorway, together 
with the extremely heterogeneous characteristics of the glacial and fluvioglacial deposits, 
required technical and technological solutions able of minimising surface-induced settlements 
and tunnel face instability. 

Thanks to a thorough detail design phase, a good coordination between the stakeholders 
involved, the excavation method used, a careful follow-up of monitored data an important 
first milestone of the project was reached with the completion of the first tube of the Lonato 
tunnel during the September 2022. 
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ABSTRACT: In this paper, authors describe the history of underpass construction in Japan 
and suggest a stability evaluation method using seismic prospecting. Ground destabilization 
around excavation face causes track settlement. It is required to develop a real time stability evalu- 
ation method during excavation. First, we executed trapdoor tests and validated the change of 
elastic wave velocity ratio when the area around excavation face became unstable. Second, we exe- 
cuted excavating test in embankment buried a steel pipe used in real underpass construction and 
confirmed the same tendency. As a result, we clarified that destabilization of around excavation 
face caused by excavation is detected by focusing on the elastic wave velocity ratio. 


1 INTRODUCTION 


Nowadays, motor traffic has a vital role to play in socio-economic activity. Traffic congestion 
is a problem in major cities around the world. For example, according to the report which the 
Ministry of Land, Infrastructure, Transport and Tourism issued, economic loss caused by 
traffic congestion in Japan reaches nearly 12 trillion yen per year. 

One of the congestion spots is a railway crossing and more than 1,500 of them are still left 
in Japan. One solution is construction of an underpass box culvert which crosses under the 
railway to separate motor traffic from trains respectively. Underpass box culverts are built 
mainly using non-open-cut method in Japan because of construction cost and construction 
period. This paper describes the feature and development of non-open-cut method and 
describes newly developed monitoring system using seismic prospecting. 


2 HISTORY OF UNDERPASS CONSTRUCTION 


The first construction record of the under-railway structure using non-open-cut method in 
Japan is 600mm diameter gas pipe constructed by the pipe jacking method in 1948. In this 
case, the influence for the track is limited generally. On the other hand, the cross-section is 
large in case of a road structure, so non-open-cut method which reduces costs and suppresses 
the track displacement was required. Therefore, in the 1960s, “Fronte Jacking Method” was 
developed as a box culvert propulsion or traction method. In this method, a large box culvert 
is towed and constructed under the railway. Construction girders were used at the dawn of 
this method. Furthermore, the pipe roof (Figure 1) had been used together since the 1970s. 
However, since the pipe roof was a temporary material for the track protection and left 
upper the box culvert, there was a problem that the earth covering became deep and the 
approaching distance from the accessing road became long. Therefore, in the 1980s, “Roof 
and Culvert (R&C) Method”, which the pipe roof is replaced with the box culvert, was 
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developed. As a result, the earth covering could be reduced compared to the “Fronte Jacking 
Method” and the approaching distance could be shortened. 

On the other hand, the development of the steel element propulsion or traction method, which 
uses steel pipes as a main body structure to reduce the track settlement, had also been developed. 
In the 1970s, “Under Railway Tunnel (URT) Method”, which uses square steel elements to con- 
struct horizontal beams, was developed. But due to a through girder structure, application limit 
was approximately 15m. Therefore, a box-shaped rigid-frame structure that connects steel elem- 
ents was developed, and it is the current mainstream. PC box type in “URT Method”, which ten- 
sions the steel element with PC steel bar, and “Jointed Element Structure (JES) Method” 
(Figure 2), which enables the transmission of force through the joints of the propulsion guide of 
the steel element, had been developed. In the 2000s, “Simple & Face-less Tunnel (SFT) Method”, 
with which the box was propelled without excavation of track foundation, was developed. And 
“COMPAct Support Structure (COMPASS) Method”, which protected the track with steel plates 
inserted with cutting blades attached to the tip, was also developed. These methods have been 
widely used not only for road intersections but also for river widening work. And these methods 
applied to remove railway crossing in Asian countries such as China and South Korea. 


Figure 1. Example of pipe roof method”. Figure 2. Example of JES method”. 


3 NEW STABILITY EVALUATION METHOD USING SEISMIC PROSPECTING 


3.1 Background 


In non-open-cut construction under the railway, a steel pipe is inserted into the ground by 
repeating the cycle of manual excavation and the steel pipe propulsion. Ensuring safety and 
stable transportation of trains are the most important issue in this construction. Track dis- 
placement is measured in real time during construction for this reason. And if necessary, track 
maintenance is carried out and the excavation method is reviewed. But there is a problem that 
the countermeasure is made only after the track settlement happens. 

So, as shown in Figure 3, a method to detect the stability around excavation face by the 
elastic wave velocity ratio is examined in this paper. Specifically, authors measure the elastic 
wave velocity before and after excavation at first. Next, we calculate the elastic wave velocity 
ratio and compare with the threshold value that can ensure the stability around excavation 
face. In this chapter, we developed a method for setting this threshold through trapdoor tests 
and show the results of its validation. 


3.2 Trapdoor tests 


Trapdoor test is an experimental method used by Terzaghi? and others for the purpose of 
elucidating the soil pressure in tunnels. As shown in Figure 4, we descended the trapdoor 
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Figure 3. Conceptual diagram of new monitoring system. 


(semicircular, diameter = 100mm) and struck lower surface of the trapdoor by a hammer to 
generate excitation. And we recorded the wave by the receiver on the ground surface. 


3 poes 


Receiver Displacement gage 


Table 1. Experimental conditions. 


1.230 


Model site Silica sand No.7, 
Objective relative density70% 
Earth 1D(100mm), 1.5D(150mm), 
covering 2D(200mm), 3D(300mm) 
Descent Amount of descent 0~1mm: 
- step each 0.002D(0.2mm) 
>A Unit : mm Amount of descent 1~Smm: 
each 0.01D(1mm) 


Figure 4. Trapdoor test. 


Tablel shows the experimental conditions. Dry sand was used for the model ground same 
as Terzaghi’s test. Silica sand No. 7 was compacted in the earth tank as the objective relative 
density was 70%. We made four experimental cases with different earth coverings. We 
recorded waves at each descent step. Based on the results of a trial recording in advance, the 
number of samples set 2,000. The sampling frequency was approximately 27 kHz and three 
waves measured in tests were averaged. 

Figure 5 shows the measurement device. It consists of trigger, receiver, converter, and control 
PC. If the trigger detects the vibration caused by the hammer, the receiver starts recording. 

The trigger and receiver consist of a piezo element (bimorph series type) and an amplifier. 
This piezo element has directivity and P-wave or S-wave is recorded depending on the incident 
direction. In the case of underpass construction, P-wave arrives fast and is easy to read, so we 
measured P-wave in this paper. 


3.2.1 Result of trapdoor tests 


© Ground settlement 

The ground settlement draws a trough with a maximum value just above the trapdoor. In add- 
ition, when the amount of descent of the trapdoor reaches a certain level, the soil pressure 
acting on the trapdoor becomes constant. In the case of a trapdoor, the amount of descent 
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where the earth pressure becomes constant is about 1 mm” and a similar trend was observed 
in these tests. As shown in Figure 6, the smaller the earth covering is, the larger the amount of 
settlement is. 


© Elastic wave 

As an example, Figure 7 shows the waveforms (2,000Hz low pass filtered) before descent 
and after 1mm descent in the case of 1D earth covering. The horizontal axis of the waveform 
is set to zero when the trigger detects the excitation, and the vertical axis is the ratio of the 
recorded voltage value to the maximum absolute voltage value Vmax. When Fourier ana- 
lysis was performed on the obtained waveforms, the peak of the power spectrum density 
(PSD) of the waveform recorded at the excitation point was distributed around 1,500Hz to 
2,000Hz. Since the frequency band of the recorded waveform becomes lower than 2,000Hz 
due to attenuation in the ground, the boundary of the low pass filter is set under 2,000Hz. 
This figure shows that the arrival time is delayed after Imm descent compared to before 
descent. 

The peak of the initial motion was read as the arrival time. The wave path was con- 
sidered as a linear interpolation. The elastic wave velocity ratio was calculated from 
the earth covering divided by arrival time. Figure 8 shows the relationship between the 
amount of descent and the ratio (V/V). As for the measurement results of the case of 
earth covering 3D before descent, supposed waveform could not be obtained. So, we 
used the average value of other earth covering cases. From these results, it was clari- 
fied that the velocity ratio decreased significantly until the descent amount reached 
1 mm in all cases. 
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Figure 5. Measurement device. surficial displacement upside the trapdoor. 
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Figure 7. Example of waveform before descent Figure 8. Relationship between amount of descent 
and after 1mm descent (filtered). and elastic wave velocity ratio. 
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3.2.2 Simulation of elastic wave velocity ratio 

In this trapdoor test, an arch-shaped loosened area is formed as the trapdoor descends. And 
the soil pressure acting on the trapdoor becomes constant at a certain descent amount. When 
this is replaced with under-railway excavation, the trapdoor is equivalent to the excavation 
face. If there are supports or linings, loosened area is stabilized and loosened earth pressure 
acts on the supports or linings. On the other hand, if there are no supports or linings, such as 
under-railway excavation, it means that loosened area becomes unstable. We considered that 
the area around excavation face started to become unstable when the soil pressure became 
constant. And we also considered that the elastic wave velocity ratio at this time can be used 
as the threshold. In addition, the elastic wave velocity ratio in Figure 8 shows a nearly con- 
stant value after the descent amount is 1 mm. The elastic wave velocity ratio can be seen the 
same tendency of the soil pressure from this result. 

In this paper, we assume that the elastic wave velocity distribution and arrival time show in 
Figure 9 in the ground after descent. Just above the trapdoor, we assume that there are only 
two regions that maintains the initial stress area and loosened area. If the wave path is 
a straight line between the excitation point and the receiver, the elastic wave velocity before 
and after descent is expressed by the Equations (1) - (2). 


V = vp (1) 


_ V1 Vp2 H (2) 
Vpoh + (H — h)vpi 
V: Elastic wave velocity before descent, V’: Elastic wave velocity after descent, 
H: Earth covering, vı: Elastic wave velocity inside loosened area, v,2: Elastic wave velocity 
outside loosened area. 
Therefore, the amount of change in elastic wave velocity is given by Equation (3). 


oO 


Elastic wave velocity ratio 


Before descent After descent 
Vp, | Elastic wave velocity inside loosened area 0.5 
v | Elastic wave velocity outside loosened area | 2 3 


| 2 
Earth covering(H) / Excavation width (D) 


Figure 9. Elastic wave velocity distribution. . A 
Figure 10. Comparison trapdoor test result and 


threshold value. 


V' _ Vp H 
VO vp2h + (H = h) vpi 


(3) 


Here, we discuss possible values of v,2/vpı for based on existing knowledge. Assuming that 
the change of density and Poisson’s ratio is secondary and negligible, the elastic wave velocity 
ratio is expressed as the 1/2 power of the deformation modulus ratio of the ground. 


= @ as (4) 
Vp2 E 
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E,: Deformation modulus of the ground within the loosened area, E):Deformation modulus 
of the ground outside the loosened area. 

Furthermore, from the confining pressure dependence of the deformation modulus, the 
relationship between the deformation modulus E and the confining pressure o can be 
expressed as Equation (5). 


E=A-o" (5) 
E: Modulus of deformation of the ground, o: Confining pressure, A, n: Coefficient. 


The value of n is generally 0.5 and approaches 1 as the fine grain fraction increases. 
Rearrangement of Equation (3) from Equation (4) and Equation (5) gives Equation (6). 


g1: Soil stress within the loosened area, g2: Soil stress outside the loosened area. 
The stress ratio was measured by Terzaghi’s test?, and the soil stress ratio in the case of 
earth covering 4D is about 10 to 25%. As for the height of loosened area, a method has been 
proposed to obtain it in detail depending on the ground conditions. But the height of loosened 
area is approximately 1D when the soil pressure acting on the trapdoor is constant. Putting 
the stress ratio as a and substituting them into Equation (6) becomes Equation (7). 
Vv’ a. 2 
V 1+a(2-1) 


(7) 


a: Soil stress ratio (0.10 to 0.25), D: Width of the trapdoor 

Figure 10 shows the result of comparing this Equation (7) with the trapdoor tests. In this 
figure, the blue lines calculated from Equation (7) are shown in the case of n = 0.5 because the 
soil sample was silica sand. On the other hand, the green line shown in this figure is the case of 
the descent amount of | mm. From this figure, it was clarified that the results of the trapdoor 
test were distributed with a similar trend in the range of a=0.10 to 0.25. 

From the above, it is thought that Equation (7) expresses the lower limit value that ensures 
the stability around excavation face. And the possibility of using it was indicated as 
a threshold calculation method when evaluating the stability around excavation face. The 
variable n in the formula can be obtained from the triaxial compression test, but simply set it 
to 0.5 to obtain a value on the safe side. 


3.3 Demonstration excavation test in the embankment 


We constructed the embankment in which the steel pipe used in real underpass construction was 
buried. Assumed the case of the condition that the value of V’/V is less than the value of Equa- 
tion (7), validation was performed by excavating from inside the steel pipe until a cave-in occurred 
on the ground surface. The dimensions of the steel pipe were 1m in height, 1m in width and 3m in 
length. Inagi sand was used as the embankment material, and soil compaction was made with the 
goal of maximum dry density. Inagi sand has the characteristics shown in Table 2. Since the area 
around excavation face is more likely to become unstable as the cohesion decreases, we selected 
a sample with fine particles. From the results of the Portable Falling Weight Deflectometer test, 
the K30 equivalent value was 128 MN/m°. 

Simulated the process of manual excavation in the cycle for inserting a steel pipe into the 
ground, excavation was repeated every 100 mm length until a cave-in was confirmed on the 
ground surface. The excitation was generated from inside the steel pipe. And the waves were 
recorded by receivers installed at two points, directly above the cutting edge on the ground 
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surface and 500 mm in front of it. The sampling frequency was approximately 27kHz, recorded 
time was 0.074s (2,000 samples), and the results of three measurements were averaged same as 
the trapdoor test. 


Table 2. Specification of Inagi sand. 


Unit weight of soil fraction ys (kKN/m*) 2507 

Gravel (%) 6.0 

Sand (%) 88.1 

i 0, 

Grainsize pattern Ge a a 

Average particle diameter D29(mm) 0.218 

Uniformity Uc 2.66 

Cohesion c(kN/m?) 3.27 

Internal frictional angle p(deg) 35.49 
Triaxial 12.0 (63=25kN/m’) 
compression test (CD) Modulus of deformation Es9(MN/m7) 12.6 (6;=50kN/m7) 


20.8 (03=75kN/m7) 


Unit : mm 


Receiver A,B 


Embankment 


Excitation Excavation 


e 2,500 


A-A >A 


Figure 11. Cross section of the embankment. 


Figure 12. Pictures of the embankment. 


3.3.1 Results of demonstration excavation test 


© Collapse behavior 

Figure 13 shows the collapse behavior. Cave-in occurred on the ground surface when the exca- 
vation length was 0.8m to 0.9m. There was no significant change in the embankment at the 
beginning of excavation. But a slight collapse of the crown at the excavation face was visually 
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confirmed when the excavation length was 0.3m to 0.4m. After that, the collapse gradually 
expanded with each excavation. And it was confirmed that the cavity reached the ground sur- 
face after excavating 0.9m. The size of the cave-in which appeared on the ground surface was 
approximately 50mm. But when the weak part where the soil remained only in the nearby sur- 
face layer was removed, it became about 0.8m in diameter. 


© Ground settlement 

Figure 14 shows the changes in ground settlement measured at the same position as the 
receiver during excavation. This figure also shows that the decrease is seen between 0.2m and 
0.3m in the excavation length when crest collapse first occurred. The amount of settlement 
decreases once and again between 0.8m and 0.9 m in the excavation length. 

In addition, when the amount of ground surface settlement is calculated by two-dimensional 
excavation analysis using the stress release rate, the maximum subsidence directly above the 
steel pipe is 0.4 mm at a stress release rate of 40%. This amount of settlement was reached 
during the excavation length of 0.2m to 0.3m. 


© Elastic wave 

Figure 15 shows the waveforms (2,000Hz low pass filtered) before excavation and at the excava- 
tion length of 0.2m. When Fourier analysis was performed on the obtained waveforms, PSD 
peaks are seen around 700Hz and 400Hz. Around 700Hz corresponds to the initial movement 
of the waveform. From this result, it can be thought that the delay of the waveform was meas- 
ured in the excavation test using the real steel pipe. 


3.3.2 Simulation of elastic velocity ratio 

Figure 16 shows the transition of the elastic velocity ratio for each excavation length and the 
threshold obtained from Equation (7). Inagi sand contains fine particles, but n=0.5 is set so 
that it is on the safe side. 

At both measurement points, the elastic wave velocity ratio did not decrease at the initial 
stage of excavation, but it tended to decrease significantly after excavating to 0.2m. At the 
measurement point above the cutting edge, which is supposed to pass through the loosened 
area, the elastic wave velocity ratio below the threshold value was recorded when excavation 
length was 0.2m to 0.3m. And after that, it remained in the range of a = 0.10 to 0.25. The 
change in Figure 16 is also linked to the minute ground surface settlement shown in Figure 14. 
So, the elastic wave velocity ratio can detect the behavior of the ground. 

From the above results we were able to prove that the elastic wave velocity ratio was 
around the value of Equation (7) (a = 0.10 to 0.25) when the area of excavation face became 
unstable even in the excavation test. 
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Figure 14. Relationship between excavation length 
Figure 13. Collapse behavior. and surficial displacement. 
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Figure 15. Example of waveform before exca- Figure 16. Relationship between amount of excava- 
vation and after 0.2m excavation. tion and elastic wave velocity ratio. 


4 CONCLUSION 


In this paper, we investigated the method of detecting the stability around excavation face by 
using the change of elastic wave velocity during excavating of the steel pipe under the railway. 
The conclusions obtained are summarized below. 

(1) From the trapdoor tests, it was clarified that when the earth covering is small, the 
decrease in the elastic wave velocity is large due to the descent of the trapdoor. Additionally, 
in all cases, it decreased significantly until the descent amount reaches 1 mm. 

(2) We devised simple model for calculating the decrease in elastic wave velocity due to 
excavation. Furthermore, we validated this model by the comparing with the results of the 
trapdoor tests. This model was good accordance to the results of the trapdoor tests. 

(3) An embankment was prepared in which the steel pipe used for crossing under the rail- 
way was buried. We excavated this embankment from inside the steel pipe to reproduce the 
instability of the excavation face. From the excavation test, the partial collapse progressed on 
the ground at the amount of decrease of V’/V assumed to destabilize the area around excava- 
tion face which was examined from the trapdoor tests. Therefore, we were able to prove that 
this decrease also captures the phenomenon in real excavation. 

From the above results, the detection method proposed in this paper is considered effective 
for quantitative evaluation of excavated surface stability during steel element excavation. In 
the future, we plan to systematize the exploration equipment and combine it with numerical 
analysis to make it possible to quantitatively evaluate the relationship between elastic wave 
velocity change and track settlement. 
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ABSTRACT: The planned radioactive waste repository in Switzerland will be located within 
a ca. 900 m deep and 100 m thick layer of Opalinus Clay. Low- and intermediate-level waste will 
be emplaced in caverns with a diameter of 14 m. The great depth of cover and the rather low 
strength of Opalinus Clay (uniaxial compressive strength in the order of 3-5 MPa) are expected to 
result in squeezing conditions, which will be demanding to handle on account of the large dimen- 
sions of the cavern cross-sections. The paper investigates alterative concepts for the tunnel support, 
considering the uncertainties and peculiarities of the Opalinus Clay’s response to tunnelling — inter 
alia its very pronounced time-dependency. The development of relevant deformations will not 
cease even after several decades, while in the presence of a stiff lining the rock pressure would 
reach very high values within the service life of the caverns (in the order of about 3-4 MPa within 
a period of 20-30 years after excavation). 


1 INTRODUCTION 


The Swiss National Cooperative for the Disposal of Radioactive Waste (Nagra) is planning the 
construction of a combined waste repository consisting of 14 m diameter caverns for low- and 
intermediate-level waste (L/ILW) and 3.5 m diameter tunnels for high level waste (HLW) 
(Figure 1). At the current project stage, the repository is planned to be located at a depth of 
900 m, in the middle of a 100 m thick and fully saturated layer of Opalinus Clay. The present 
paper focuses on the conceptual design of the L/ILW caverns; for the HLW tunnels see the com- 
panion paper by Nordas et al. (2023). 
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Figure 1. Schematic representation of the radioactive waste repository. 
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The L/ILW caverns have a 13.6 m wide and 14.8 m high cross-section, and are planned to 
be constructed conventionally with full-face excavation. The paper discusses possible support 
concepts (Figure 2), considering the main features of the geomechanical behaviour of Opali- 
nus Clay at the repository depth: squeezing conditions associated with the great depth and the 
rather low strength of Opalinus Clay (uniaxial compressive strength in the order of 3-5 MPa); 
extremely slow development of convergences and rock pressures over several decades due to 
the very low permeability of Opalinus Clay; and uncertainty about the behaviour of Opalinus 
Clay under negative pore pressures (suction), which are expected to develop due to excavation 
(see Section 3). 
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Figure 2. Evaluated support concepts: (a) single-shell shotcrete lining; (b) yielding support consisting of 
shotcrete shell with deformable elements followed by an inner lining; (c) yielding support throughout the 
entire life span. 


2 THE HOST ROCK 


Opalinus Clay is an argillaceous formation consisting of silty to sandy claystones. This type of 
rock is particularly suitable for long-term radioactive waste storage, due to its microscopic 
composition, its very low permeability and its moderate swelling behaviour. The latter ensures 
sealing of cracks generated by tunnel excavation, thus delaying seepage flow and radionuclide 
transfer through the ground. 

The mechanical behaviour of Opalinus Clay has been investigated by means of consolidated 
drained and consolidated undrained triaxial compression tests on specimens obtained from deep 
boreholes in the repository sites under consideration (see, e.g., Crisci et al. 2021). According to 
the experimental results, Opalinus Clay exhibits pronounced stiffness and strength anisotropy, 
practically brittle failure, and moderate stiffness dependency on the initial confining pressure. 

The elevation of the water table corresponds to the ground surface, leading to 
a pore pressure of 90 bar at the repository level. As the Opalinus layer is embedded in 
high permeability limestones, it is expected that the full hydrostatic pressure of about 
90 bar will act at the Opalinus-limestone interface, that is at a distance of just three 
diameters from the caverns. 


3 DESIGN QUESTIONS AND COMPUTATIONAL MODEL 


The investigated support types are based upon the so-called (Kovari, 1998) resistance principle 
(Figure 2a), the yielding principle (Figure 2c) or combinations thereof (Figure 2b). Depending 
on the support type and on the construction phase or time period, attention must be paid either 
to the rock pressures or to the rock deformations. 

So, for example, in the case of Figure 2a, where the deformations are anyway small as long as 
the support does not fail, emphasis is placed on the rock pressure developing within the planned 
operation period of 25 years. 
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In the case of Figure 2c (yielding principle), the convergences that will occur within the ser- 
vice life of the structure stay in foreground, because they may violate the clearance profile or 
impair the serviceability of the caverns during the storage operations. A reliable estimation of 
the deformations is important for the selection of an adequate excavation radius and for the 
structural detailing of the support. 

Finally, for a support combining the yielding and the resistance principle (Figure 2b), emphasis 
is placed on the time-development of convergence until inner lining installation, and on the time- 
development of rock pressure afterwards. 

Since rock pressures and deformations develop slowly over time in the case of Opali- 
nus Clay, and the time-dependency is due to the seepage flow around the openings (con- 
solidation), coupled hydraulic-mechanical computations have been performed for 
addressing the aforementioned questions. Specifically, a two-dimensional plain strain 
hydraulic-mechanical finite element model has been developed in Abaqus® (Dassault Sys- 
tèmes 2019) to estimate the instantaneous ground response to the excavation of the cav- 
erns and the evolution of the consolidation-induced rock deformations and pressures 
(Figure 3). The model takes account of the construction and operational phases through 
a series of computational steps (Table 1). 


(a) (b) 
i F; Opalinus Clay 
| Far-field rock Young's modulus parallel to bedding Bp 13.6 GPa 
Poisson's ratio ve 0.2 
£ Young's modulus orthogonal to bedding £o 4.5 GPa 
HP. = 90 bar | Poisson's ratio v. Ot 
— — Shear modulus G LI GPa 
| Matrix cohesion e 10 MPa 
Matrix friction angle g 27,5" 
| Matrix dilaumey angle w p 
Bedding cohesion c, 1.0 MPa 
100m | Bedding friction angle p, 21,5" 
| Bedding dilatancy angle w, r 
i 
Tod. Lwaliuietness Permeability & 10 nys 
k DIMM . 
_Far-lield rock = 
== } Young's modulus Æ 5 GPa 
I| Far-field rock | Poisson's ratio v 02 
Shorerete shell and inner lining 
Young's modulus Æ 30 GPa 


Figure 3. (a) Part of the computational domain; (b) assumed material constants (after Anthi et al., 
2022). 


The constitutive model considers Opalinus Clay as an anisotropic, linearly elastic and per- 
fectly plastic material obeying the Mohr-Coulomb failure criterion (see Nordas et al., 2023). 
The computations have been performed with residual strength parameters. The assumed 
material constants are given in Figure 3b. 

A source of relevant analysis and design uncertainty in the present case is associated with the 
behaviour of Opalinus Clay under high negative pore pressures: Tunnel excavation in weak rock 
at great depths results in plastic yielding of the rock and a decrease in the rock stresses within 
a zone around the opening (“plastic zone”). The stress relief in combination with the rock loosen- 
ing that accompanies yielding generally results in an increase in the pore volume and — if the rock 
is saturated as in the present case — in an increase in the water content. The latter cannot occur 
instantaneously because it presupposes that water will seep from further away towards the plastic 
zone, which — if the rock exhibits a low permeability as in the present case — needs considerable 
time. Instead, pore water experiences a pressure drop in the short term and the pore pressure may 
even become negative (“suction”; see blue line in Figure 4). The suction increases the effective 
stresses and the frictional shear resistance of the rock, and is, therefore, favourable for the short- 
term behaviour of the ground, provided that the latter remains saturated. This is quite possible, 
but not certain beyond doubt for argillaceous materials. Under suction, air may enter into the 
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Table 1. Computational steps. 


Step Figure 2a Figure 2b Figure 2c 


1 Complete undrained unloading Computation of the short-term rock deformations by means of 
of the excavation boundary. an undrained unloading of the excavation boundary to the yield 
pressure of the support, considering the deformable elements as 

rigid - perfectly plastic. © 


2 Activation of the shotcrete Computation of the additional, As step 2 of the analysis of the 
shell and computation of the time-dependent convergences of support concept of Figure 2b, 
time-development of the sec- the yielding support by means but the transient analysis 
tional forces in the shell by of a transient analysis for 1 or 3 extends over the entire service 
means of a transient analysis years. life of the cavern. 
for 25 years 

3 Activation of the inner lining 


and computation of the section 
forces that develop during its 
service life by continuing the 
transient analysis for 25 years. 


(a) This is a favourable (non-conservative) simplifying assumption which was made in order to show that 
the solution of Figure 2a is unfeasible even under favourable assumptions. 

(b) This step provides the total short-term rock deformations, including the pre-deformations, that is the 
deformations occurring ahead of the tunnel face and between tunnel face and location of support 
installation. In order to determine the necessary deformation capacity of the yielding support, only 
the rock deformations occurring after support installation are relevant. They are obtained by sub- 
tracting the pre-deformations from the total rock deformations. The pre-deformations have been 
computed by means of a preliminary 3D undrained analysis. 


rock, with the consequence that the rock desaturates and the high negative pore pressures largely 
disappear (red line in Figure 4), whereby their stabilizing effect gets lost. In summary, the short- 
term behaviour of the rock can be more or less unfavourable depending on whether or not the 
rock desaturates under negative pore pressures. 


Pore pressure 


short-term, without desaturation 


short-term, with desaturation 


"aiii steady-state 


suction 


Figure 4. Radial pore pressure distribution around a circular tunnel (schematically). 


Rock desaturation has the opposite effect (it is favourable) with respect to long-term behav- 
iour. The negative pore pressures that develop in the short term if the rock remains saturated 
(blue line in Figure 4) dissipate over the course of time (the dashed line in Figure 4 shows the 
long-term pore pressure distribution) and cause additional time-dependent deformations. It 
can be said that desaturation accelerates rock deformation, resulting in less favourable short- 
term behaviour, but more favourable long-term behaviour. As we will see later, this is a very 
relevant aspect from the practical engineering viewpoint. For the support type of Figure 2b, 
desaturation results in greater deformations of the primary (yielding) support, but in lower 
loadings of the inner lining. 
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Due to uncertainty about the rock behaviour under suction, two borderline cases will be 
considered: (i) the rock remains 100% saturated even under very high negative pore pressures; 
(ii) rock completely desaturates as soon as pore pressure drops below zero. 


4 SHOTCRETE LININGS BASED ON THE RESISTANCE PRINCIPLE 


Initially a top heading and bench excavation was envisaged, with a 65 cm thick single-shell 
shotcrete lining completed within four tunnel diameters behind the tunnel face (Figure 2a). 
The transient geomechanical analyses outlined above revealed that the rock pressure develop- 
ing within the service life of the cavern might be prohibitively high. 

Figure 5 shows the axial force distribution in the shotcrete shell under the simplifying non- 
conservative assumption that the short-term loading of the shell is negligible. According to this 
model, the shell is subjected only to the rock pressure developing over the course of time, because 
the shell prevents time-dependent (consolidation-induced) convergences. The latter would be 
considerable if the rock remained saturated under the suctions developing in the short term, and 
therefore the prevention of the deformations by the shell would result in considerably higher (by 
a factor of 6 higher) axial forces and concrete stresses (blue line) than in the case with rock desat- 
uration (red line). In the former case, the stresses exceed the strength of a good quality shotcrete; 
in the latter case, the stresses are very low and would allow a much thinner lining. These results 
illustrate that the insufficient knowledge about rock behaviour under negative pore pressures is 
a source of relevant design uncertainty. 
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Figure 5. Structural concept of Figure 2a: Normal force and axial stress distribution in the shotcrete 
shell 25 year after installation (before installation of inner lining). 


In conclusion, even if neglecting the short-term loading of the shell, even without 
considering force eccentricity (bending moment) and even without any material and 
load safety factors, a support based on the resistance principle does not appear reason- 
able under the conditions of the deep repository. A yielding support will be studied in 
the next section. 


5 SHOTCRETE LININGS BASED ON THE YIELDING PRINCIPLE 


The yielding support considered consists of a shotcrete shell that contains six 30 cm wide lon- 
gitudinal slots (marked yellow in Figure 2b) with “highly deformable concrete” elements 
(Kovari 2005, 2009). These elements yield almost perfectly plastically under a high yield 
strength (10 MPa, or even higher depending on the concrete composition), thus offering 
a high support pressure (0.5 MPa for the planned 14 m diameter cross-section) during the 
deformation phase, which is advantageous from the structural point of view (Cantieni and 
Anagnostou, 2009). Elements of this type have been successfully applied inter alia in the 
Lötschberg Basetunnel (Keller, 2005) and in the St. Martin La Porte access tunnel to the 
Lyon-Turin Tunnel (Barla et al., 2008). 
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The deformable elements mitigate the risk of shotcrete overstressing because they limit the 
shotcrete stresses to their yield strength. This presupposes however that their deformation cap- 
acity suffices to accommodate the reduction in the circumference induced by convergences, 
which raises questions as to the rock deformations developing in the period up to the installa- 
tion of the lining. 

Figure 6 shows the deformations of the opening (total ground displacements minus ground 
displacements at the point of installation of the lining) that are predicted under the two 
assumptions about rock desaturation within 3 years. Rock desaturation would result in loss 
of the stabilizing effect of suction and thus to larger short-term convergences (up to 100 mm 
according to Figure 6), in a bigger decrease in the circumference of the opening (up to 
27100 mm = 628 mm) and in bigger compression of the deformable concrete elements. In 
the case of six 300 mm wide slots, each deformable concrete element would experience 
a compression of up to 628/6/300 = 35%, which is less than the usual deformation capacity 
of such elements (40%). So, a yielding support would be effective even in the case of desatur- 
ation, which is the most unfavourable assumption with respect to the short-term displace- 
ments (“with desaturation”). 
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Figure 6. Structural concept of Figure 2b: Displacements of the yielding support 3 years after excava- 
tion (latest time instance of inner lining installation). 


The installation of the inner (practically rigid) lining prevents further deformation. Instead, 
a rock pressure develops over time. Figure 7 shows the numerically predicted axial forces and 
bending moments, 25 years after lining installation. Each marker corresponds to another con- 
crete section of the inner lining. The diagram also shows the moment - normal force inter- 
action curves for two concrete qualities and lining thicknesses, considering material safety 
factors after the SIA (2004). Rock desaturation results in larger displacements in the period 
before lining installation (compare the red with the blue line in Figure 6), but to considerably 
lower rock pressures in the period after lining installation (compare the red with the blue 
points in the interaction diagram of Figure 7). 

The axial forces predicted under the assumption of desaturation are about 3.5 MN 
(red crosses in Figure 7), which points to a rock pressure of about 3.5/7 = 0.5 MPa 
(considering the cavern radius of about 7 m). So, the rock pressure developing upon the 
lining is low, even if the lining is installed early (1 year after cavern excavation). The 
corresponding sectional forces can easily be sustained by a 0.4 m thick lining made of 
concrete C25/30. 

However, as previously discussed, the critical case is the one without desaturation, where the 
high excess pressures developing short-term dissipate slowly over time, but the lining prevents 
the developments associated with this process. A delay in the lining installation (three years 
instead of one year after excavation) does not help much in this respect (compare triangular 
markers with blue crosses in Figure 7). Regardless of the lining installation time, the load devel- 
oping upon the stiff lining within 25 years is about 3-4 MPa. Such a high and slowly developing 
load is not typical for squeezing rock and reminds us of the conditions experienced in tunnels 
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Figure 7. Structural concept of Figure 2b: Normal force - moment interaction in the cast-in-situ inner 
lining 25 years after installation. 


in heavily swelling Gypsum Keuper (Anagnostou, 2007). In the present case, an inner lining 
according to the resistance principle would have to be at least 1 m thick and made of higher 
quality concrete. 


6 YIELDING SUPPORT THROUGHOUT THE ENTIRE SERVICE LIFE 


As an alternative to an extraordinary thick inner lining according to the resistance principle, it 
is worth to investigate the option of a yielding support over the entire service life of 25 years 
(Figure 2c), because in the present case the loads developing upon a stiff support are high (due 
to the great depth), but the displacements developing with a light support are rather moderate 
(Figure 6), and therefore possibly acceptable from the serviceability viewpoint. 

This is evident from Figure 8, which shows the development of the convergence over time 
when refraining from an inner lining. Under the assumption that the rock remains saturated 
under the suction developing short-term (blue line), the convergence would increase from 30 
to 50 mm within 25 years, which does not appear to be problematic for the serviceability. In 
the case of rock desaturation (red line), the convergence would be greater in the short term, 
but would increase much more slowly over time; the 25-year convergence (105 mm) is only 
slightly greater than the 3-year convergence (100 mm), which must anyway be foreseen for the 
yielding support, and can be easily materialized. 
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Figure 8. Structural concept of Figure 2c: Tunnel convergence over time (average between crown and 
side-wall). 
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7 CONCLUSIONS 


A support based on the resistance principle (Figure 2a) is not feasible for 900 m deep, 14 m 
diameter caverns in Opalinus Clay. In order to avoid support overstressing, one must allow 
deformations to occur in a controlled manner at least for the primary support (Figure 2b). This 
can be achieved using proven techniques. Incorporating highly deformable concrete elements in 
the shotcrete shell fulfils the requirements of safety and convergence control. The uncertainty 
about rock behaviour and saturation under negative pore pressures results in a prediction uncer- 
tainty about the magnitude of convergence that must be accommodated by the primary support, 
but this uncertainty is irrelevant from the design viewpoint because even the worst-case conver- 
gence is within the feasibility limits. 

One might expect that the additional deformations occurring in the case of a yielding pri- 
mary support would result in a significant decrease in the load developing later upon the stiff 
inner lining. This is true only if the rock desaturates under the suctions developing immedi- 
ately after excavation. In this case, the loading of the inner lining is easily manageable. In the 
other borderline case, with the rock remaining saturated in the short-term in spite of the nega- 
tive pore pressures, the stabilizing effect of the suctions results in smaller deformations of the 
primary support and in higher long-term loading of the inner lining, thus necessitating a lining 
of extraordinary thickness and strength. Consequently, the uncertainty about rock saturation 
is relevant with respect to the inner lining. 

The effect of this uncertainty can nevertheless be mitigated by abandoning the resistance 
principle and selecting a yielding support for the entire service life of the caverns (Figure 2c). 
A yielding support with only slightly higher deformation capacity than the one anyway 
required in the primary phase would suffice for the 25-year-long service life. The serviceability 
aspects of such a solution are under investigation. 
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ABSTRACT: In the existing metro tunnel in Rotterdam, failures of the immersion were 
encountered. The omega joint’s fixation was broken out of the concrete. After elaborate studies 
it was concluded that the Gina was pushed inwards due to the highly compacted soil column at 
the outer side of the Gina gasket and in between the end faces of both adjacent tunnel elements, 
whereby cyclic seasonal movements made the soil volume increase every winter and gradually 
push the Gina gasket inwards every following summer. This experience resulted in the contract 
requirement to foresee an anti-soil ingress measure in two simultaneously designed tunnels. The 
paper will enlighten how the mechanism was modelled and which mitigating measures were 
implemented in the execution of both tunnels. Numerical comparisons were made in between 
the two new tunnels and the existing Rotterdam metro tunnel to validate the design approach. 
Sensitivity analyses were made to assess the influence of soil cover, joint geometry, and the dif- 
ferent behavior between the joint in the roof slab and the joint in the outer walls. 


1 INTRODUCTION 


1.1 Damage encountered at the Rotterdam metro tunnel 


During a maintenance inspection held in 2015 in the Rotterdam metro tunnel whereby 
the passive fire protection boards were removed, it appeared that the fixations of the 
Gina and omega joints were locally damaged. The damage pattern was encountered at 
seven immersion joints, and it appeared that the detrimental process was still ongoing in 
time. A joint venture comprising design and execution experts was brought together to 
firstly define the cause of the damage and secondly define the most apt repair solution 
enabling full continuation of the metro traffic. 


1.2 Damage mechanism 


The Rotterdam metro tunnel is built as an immersed tunnel in a temporarily open trench 
whereby approximately 70% of the tunnel’s length is situated onshore and the remaining 30% 
crosses the present waterways. In these waterways, the immersed joint was designed with 
‘traditional’ steel end frames while the immersed joints of the onshore parts had Gina and 
omega gaskets directly connected to the concrete surface of the immersed tunnel element. 

The connection of the Gina flange along the outer perimeter was made by means of 
a L-shaped steel profile. Along the inner perimeter the fixation of the Gina flange was com- 
bined with a supporting strip. This was done as test performed on the Gina gasket, whereby 
axial compression was combined with outward water pressure, showed that the gasket tended 
to slightly bend inwards. 
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The earth- and water pressures acting in the narrow joint gap width of 100mm only 
lead to mediocre inward forces that can easily be resisted by the friction between the 
compressed Gina gasket and the concrete contact area. The fixation of the Gina gasket 
to the concrete was also sufficiently robust to cope these forces. Investigation of the 
concrete quality did also confirm that the concrete strength was still as designed, even 
after 50 years’ lifetime. 

The gap between the concrete faces of the tunnel elements at both sides of the immersion 
joints increases during winter season and subsequently decreased during summer. This mech- 
anism is repeated yearly. As the gap of the immersion joint, at the outside of the Gina gasket, 
is filled with sand, this sand is compacted to a higher degree with every yearly cycle. Once this 
sandfill is compacted to a sufficiently high degree, it blocks the Gina gasket to expand in out- 
wards direction when being compressed. By this, the Gina gasket asymmetrically expands in 
the inwards direction only and starts moving inwards year by year. 

The assumed mechanism was back calculated and a model was tested at the TU Delft 
laboratories. Both approaches confirmed the hypothesis. One of the conclusive findings of the 
investigations stated that the likelihood the mechanism occurs is strongly dependent on the 
geometry of the gap at the outer side of the Gina gasket. Wider shallow gaps would be less 
risky compared to narrow deep gaps. 


Figure 1. Calculation excerpt of Gina gasket RET tunnel with supporting steel strip along internal 
perimeter. 


2 RECENT IMMERSED TUNNEL CONTRACTS 


2.1 Anti-soil ingress 


In two currently ongoing immersed tunnel projects, the contract requires measures to ensure 
that no soil ingress can take place at the immersion joints. Initial ideas to fill the gap with 
a compressible material before immersion was quickly abandoned, as the risk that this mater- 
ial would finally end up in between the Gina gasket and the opposed steel end frame was too 
high. The first moments the immersion chamber is dewatered, the high pressure drop gener- 
ates a short but intense inwards water flow and by this could drag the compressible material 
in between Gina gasket and steel end frame. In that case, a sound water tightness of the 
immersion joint will be hard to achieve. 

Alternatives to install a cover over the roof gap after immersion were also rejected as this 
would require divers’ intervention. The latter was found non-preferable due to the large 
amount of joints at large depths in one project and the strong water currents in the other 
project. 

A solution was found in installing a sand fill in the gap quickly after immersion of the elem- 
ents and before realization of the protection layer. The sand fill will avoid that stones with 
sizes comparable to the gap width will enter the gap and by this hinder the seasonal cyclic 
movements of the tunnel elements. If additionally, it can be demonstrated that the sand fill 
will never force the Gina gasket inwards because of the gap geometry, the need for a ‘physical’ 
anti-soil ingress was omitted. 
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3 THE CALCULATION MODEL 


3.1 Soil parameters 


For easiness, the soil mass on top of the tunnel is modelled as sand with a moderate relative 
density (Dr) of 30 to 45%. Due to repeated cyclic compaction of the sand fill in the immersion 
joint gap, a maximum relative density Dr=80% is assumed. To define the expected cone resist- 
ance q. value of the sand on top of the tunnel roof, the correlation with the thickness of the 
cover layer according to Jamiolkowski et al. as shown in Figure 2 is used. The cone resistance 
of the sand fill in the gap is defined by the correlation for horizontal cone stresses qp as shown 
in Figure 2. The 2D FEM software used is Plaxis2D. The sand material behaviour is modelled 
using the Hardening Soil constitutive model. The soil stiffness and strength parameters were 
based on correlations with the found qe and qn values. 
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Figure 2. Cone resistance qe (left) and horizontal cone stress qn (right) in function of relative density 
and depth of cover. 


3.2 Interfaces 


To simulate the interface between the rubber Gina gasket and the steel end frame, a ‘zero 
weight? Mohr-Coulomb interface having no cohesion and a friction angle of 45° was intro- 
duced in the model. In literature a friction coefficient steel/rubber ranging in between 0.15 
(dry conditions) and 0.35 (wet conditions) is found. Choosing a Rinter = 0.2 value in combin- 
ation with the friction angle of 45° results in a friction coefficient of 0.2, being an average of 
0.15 and 0.35. This was considered fair, as the interface will be partly wet and partly dry. 

For the interface in between the sand on top of the tunnel roof and the concrete tunnel roof 
a value Rinter = 0.15 is chosen, as the movements due to thermal effects and shrinkage are 
generated slowly during a long period of time. Values smaller than 0.15 led to instability of 
the calculation model. The interface between the compacted sand in the gap and the tunnel 
face has a value Rinter = 0.6. 


3.3 Gina gasket 


To model the TB G-320/370 Gina gasket, the highly non-linear load-deformation 
behavior of the gasket was replaced by a simplified geometry having multiple linear 


Calibration Gina 320/370-17 
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Figure 3. Calibration of the stresses based on the load — compression graph. 
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load-deformation functions per load step. The soft nose was abandoned in the design 
model as this led to local peak deformations. The axial load required for the initial 
compression of the nose is added to the results of the calculation model. The results of 
this calibration, whereby only axial compression was modelled, is shown in Figure 3. 


4 SIMULATION OF THE GASKET DURING LIFETIME 


4.1 Staged loading 


The Plaxis model is run in different consecutive steps, whereby the E-modulus of the gasket is 
altered in such way that the load-deformation behavior is accurately simulated. Apart from 
these calculation steps, additional stages are introduced to model the execution process and 
exploitation fase of the tunnel. While water pressure is modelled at the outside of the gasket, 
the initial compression during immersion is introduced in the model. Subsequently the soil 
cover is activated as well as the highly compacted sandfill in the joint. Finally, a further com- 
pression up to the maximum expected value is simulated. The results of these calculations can 
be seen in Figure 4. 
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Figure 4. Deformations of the Gina gasket and sandfill column during construction stages and max- 
imum additional compression after maximum densification of sandfill column. 


4.2 Results 


4.2.1 Vertical displacements 

In terms of total vertical displacements, the sandfill in the gap is pushed upwards because of the 
bulging of the compressed Gina gasket. A direct relation with the soil cover is visible. When mod- 
elling a 3m soil cover, the sandfill moves 35mm upwards. In case of a 9m soil cover, the upwards 
movement of the sandfill is reduced to 28mm. The lower fiber of the Gina gasket moves 68mm 
inwards when the soil cover is 3m, while the same fiber moves 74mm inwards in case of the 9m 
soil cover. The difference in the bulging of the gasket is caused by the constrained versus the 
unconstrained situation, but it is clear that the Gina is capable of pushing the soil away instead of 
the soil column forcing the Gina to purely deform inwards. 
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Similar results were found for the other immersed tunnel project whereby upwards move- 
ments of the soil above the joint varied in between 40mm and 27mm, depending on the soil 
cover present on top of the tunnel roof. 


4.2.2 Forces acting on the Gina gasket 
By integrating the axial stresses over the cross section of the gasket at mid height, the total 
axial force present can be defined for each calculated step. The axial stresses show a much 
more symmetric pattern for the joints with a small soil cover, compared to the joints with 
large soil cover. 

An integration over the vertical stresses in the sandfill just above the gasket results in the 
total vertical downward forces acting on the gasket. Logically, this force increases with soil 
cover height on top of the joint. 
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Figure 5. Axial loading in Gina in last load step for 3m soil cover (top left) and 9m soil cover (top 
right) and vertical loading on the Gina gasket in last load step for 3m soil cover (bottom left) and 9m soil 
cover (bottom right). 


4.2.3 Safety against sliding of the gasket 

To ensure the gasket will not move inwards by every seasonal compression cycle, the mobil- 
ized shear stresses in the interface gasket/steel end frame need to be smaller than the axial 
stresses multiplied by the friction coefficient, or 


Tmob = R inter - (0. tan@ + c) 
whereby 
Rinter =0.2 


During the calibration modelling of the Gina gasket, a purely symmetrical pattern of shear 
stresses was found. The top half of the shear stresses resisted an upwards movement of the 
gasket, while the bottom part resisted the downward movement of the gasket. Performing the 
same analysis for the cases with small and large soil cover on top of the joints, it can be seen 
that the shear stresses in the gasket resisting a downward movement become significantly 
larger than those resisting the upwards movement, with increasing soil cover. The shear stress 
in the sandfill on top of the gasket increases also significantly with increasing soil depth and 
explains the ‘unbalance’ of the shear stresses in the gasket. 

The required friction coefficients varied in between 0.01 (3m soil cover) an 0.06 (9m soil 
cover) for the one project, while significantly higher values — ranging between 0.06 and 0.17 - 
were found for the second project. However, all values found were below the maximum allow- 
able value of 0.2. 
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Figure 6. Shear stresses in interfaces at maximum compression during calibration (left), with 3m soil 
cover (center) and with 9m soil cover (right). 


4.2.4 Sensitivity analyses 

In all previous considerations, the interface of the sandfill and the tunnel face had a value of 
0.6. A sensitivity analysis was made with interface values of 0.2 and 1.0 (i.e. a rigid interface) 
to assess the impact on the shear stresses developed in the gasket/steel end frame interface. 
When a rigid interface is simulated, the friction with the sandfill increases and by this creates 
more vertical pressure. Despite the unrealistic interface value of 1.0, the required friction coef- 
ficients to prevent sliding of the gasket were still below the 0.2 value assessed before. 


Table 1. Results sensitivity analysis. 


Soil cover(m) Rinter Friction 
3 0.2 0.02 
3 0.6 0.01 
3 1.0 0.04 
9 0.2 0.01 
9 0.6 0.06 
9 1.0 0.08 


Another analysis was made to explore the impact of the modelling of the clamped side of 
the gasket. At the clamped side of the gasket, the interface gasket/steel end frame was mod- 
elled fixed. As the fixation of the gasket is realized by clamping plates and the base of the 
gasket is slightly smaller than the width between the clamping plates, a movement of the 
gasket could also occur at this clamped side. Therefore, an interface of 0.2 was also modelled 
at this side of the gasket. Calculation results showed that no higher required friction values 
were encountered than the ones found for the ’free’ gasket side. 
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Figure 7. Typical section of immersion joint with Gina gasket at clamped/fixed side (left) and free side 
(right). 


5 MODEL VALIDATION BY BACK CALCULATION RET TUNNEL 

Based on the deformation behavior and developed shear stresses in the interface gasket/steel end 
frame in both ongoing tunnel projects, it was concluded that the risk for the scenario encountered 
at the Rotterdam RET tunnel was negligible. To validate this conclusion, and by this the model- 


ling done, the case of the Rotterdam RET tunnel was also implemented in the same model set-up. 
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In this project a much smaller Gina gasket type G155-109 was adopted. When looking at 
the phase displacements, a different behavior than those encountered in both ongoing tunnel 
projects is seen. A general downwards deformation is observed, whereby a part of the densi- 
fied sandfill is pushed downwards together with the Gina gasket. The shear stresses developed 
in the interface gasket/steel end frame only act in one direction. 
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Figure 8. Cross section Gina gasket (left), calculation excerpt showing deformations (center) and shear 
stresses in interface (right). 


6 GLOBAL LONGITUDINAL BEHAVIOR OF THE TUNNEL 


The sandfill takes a part of the axial force increase in the joint in case of additional compres- 
sion due to thermal effects and/or rotation. As this additional compression is an imposed 
deformation, the total axial force in the joint becomes higher due to the presence of the sand- 
fill. Further on, the eccentric location of the sandfill column introduces a bending moment in 
the cantilevering concrete nose. 

The Plaxis results show that approximately 10 to 15% of the total axial load passes through 
the sandfill column, while the remaining 85% passes through the Gina gasket. The bending 
moment due to the eccentricity of the sandfill column compensates party the inwards bending 
moments due to the earth and water pressures acting on the outside of this concrete cantilever 
and by this are only beneficial. The increased stiffness of the joint does increase the rotational 
stiffness of the immersion joint and by this reduces the ability of the tunnel to rotate and accom- 
modate for the stiffness variations settlements. However, this effect is expected not to be very 
pronounced as in summer the entire element is compressed and acting as a very long beam, 
whereby the stiffness of the Gina gasket is much smaller than the stiffness of the concrete cross 
section. So, moments transferred across the immersion joint are typically very small. 


7 WALL SIDE ANTI-SOIL INGRESS 


The behaviour of the joint at the tunnel roof where the weight of the cover played a big role 
was checked in the previous models, however a calculation model was also set up for the wall 
side where the horizontal soil pressures are governing. A simple Plaxis 3D model was con- 
sidered where only the tunnel walls, Gina gasket and sand cover were present. The model was 
made long enough to avoid influence of the boundary conditions. In Figure 9 (right) the 
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Figure 9. Connectivity plot wall side model (left) in Plaxis 3D and cross section horizontal stresses (right). 
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increase in the hori-zontal stresses with depth is shown. The results shown in Table 2 indicate 
a slight increase in the friction needed to overcome the movement of the GINA gasket with 
increasing tunnel depth. For the same case, the roof model resulted in a friction coefficient of 
0.15. As such it can be stated that the two models show similar results. 


Table 2. Results wall side model. 


Height tunnel(m) Rinter Friction 


0.5 0.2 0.11 
1.8 0.2 0.11 
3.8 0.2 0.12 
5.8 0.2 0.12 
7.8 0.2 0.12 
9.8 0.2 0.13 


8 CONCLUSIONS 


The simulations of the currently build tunnels show that due to shear deformation of the Gina 
gasket, the sand in the void is pushed upwards. This upwards movement is slightly higher 
when less overburden is present above the tunnel. A validation model of the Rotterdam RET 
tunnel did show a different deformational behavior of the Gina gasket and the sandfill, by this 
confirming previously made statements that the geometry of the void (width and height of the 
void) plays a governing role in the probability the Gina will be pushed inwards the tunnel. By 
this, deliberately installing a sandfill inside the void can be seen as an effective measure to pre- 
vent stones of the protection layer entering the immersion joint and by this hindering the 
cyclic axial movements to take place, while the risk of the Gina gasket being pushed inwards 
by the densified sand is not to be expected. 
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ABSTRACT: The Bank-Monument station, located in the heart of London, is a key inter- 
change served by five lines and is one of the most congested complexes within the London 
Underground (LU) network. The Bank Station Capacity Upgrade (BSCU) project aims to 
increase station capacity by 40%, including provision of step-free access from street level to 
Northern line level at ~30mBGL and Docklands Light Railway line level at ~40mBGL via 
a new shaft. The lower section of this shaft is squeezed between two existing segmental con- 
crete lined tunnels that are 3.5m apart at the springline level. The shaft was designed using 
a hybrid method of sprayed concrete lining (SCL) and traditional hand-mining, maximising 
the benefits of both tunnelling construction methodologies commonly utilised in London 
Clay. This paper addresses challenges in the design and construction of the shaft, including 
numerical modelling predictions against monitoring data recorded during construction. 


1 INTRODUCTION 


The Bank-Monument Station Capacity Upgrade Project (BSCU), as shown in Figure 1, is one 
of the major underground construction projects in London. The existing Bank-Monument 
station is the third busiest underground interchange station in the city, serving the Central, 
Northern, Waterloo & City, District, Circle and Docklands Light Railway (DLR) lines. The 
project consists of an upgrade of the station capacity to enable it to manage 40% more passen- 
gers. In 2019 there were 110,000 passengers using Bank station during the morning peak 
period, about 44,000 of whom were changing between lines. 

The upgrade project will, in addition to new interchange tunnels, provide a new station 
entrance in Cannon Street and step-free access from the entrance via a new lift and stair shaft 
known as the Persons with Reduced Mobility Shaft (PRM Shaft). The ticket hall is con- 
structed as a square secant piled box, and upper section of PRM Shaft is constructed as 
a circular sprayed concrete lining (SCL) shaft (Figure 1 right). Traditionally, on upgrade pro- 
jects in London, new structures are connected to existing assets using traditional hand mining 
and timber heading system (Mackenzie, 2014). This method involves manual excavation in 
confined space, slower advance rate as well as health and safety issues such as risk of hand- 
arm vibration syndrome (HAVS) and injuries due to manual handling. To overcome these, 
lower section of the PRM Shaft is designed as a hybrid structure constructed using sprayed 
concrete lining SCL and hand-mined methods, capitalising the benefits of both methods com- 
monly used in the London Clay geology. 

Other new structures on the project include a running tunnel, platform tunnel, moving walk- 
way, Station entrance, ticket hall, passenger lifts and escalators to the surface. The existing 
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Northern line Southbound platform tunnel will be converted into a passenger concourse 
tunnel. New tunnels are comprised of primary and secondary lining and designed using 
a combined lining approach (Nasekhian & Feiersinger 2019). Readers are also referred to 
Anthony et al. (2020) and Nasekhian et al. (2020) for significant improvements in tunnel 
construction safety by design advanced in this project. 
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Figure 1. Overview of the Bank-Monument Station Capacity Upgrade Project, showing the existing 
assets in grey and the new structures in blue; Left: a cut through the Northern line level («30mBGL) and 
new ticket hall, Right: a cut through the DLR level («40mBGL) and new ticket hall. 


2 DESIGN DEVELOPMENT 


The purpose of the Lower PRM Shaft is to provide step-free access to DLR level and to act as 
a firefighting access shaft. The internal spaceproofing requirements include a lift pit, a lift 
lobby, an opening from the lift lobby to the existing DLR concourse, a sump pit below the lift 
lobby and a stair. The Lower PRM Shaft is squeezed between existing assets, with DLR con- 
course tunnel to the east, DLR platform tunnel to the west, DLR passage to the north and 
DLR mess room to the south (see Figure 2). 


4z NEW OPENING TO DLR CONCOURSE 
DLR MESS ROOM  SCLSHAFT 
6/411) | , 
DLR CONCOURSE ( „SCL CANOPY 
NEW STAIR 
NEW LIFT LOBBY 
DLR PASSAGE 
(6/202) DLR PLATFORM 10 \ 
ee NEW LIFT PIT NEW SUMP PIT 


ARRIVAL 
( ) (BELOW LIFT LOBBY) 


Figure 2. Isometric view of the Lower PRM Shaft showing interaction with existing assets (left) and the 
main spaceproofing requirements — a long section (right). Note: yellow shell is the SCL lining and green 
shading is the cast in place mass concrete backboned by the permanent steel frames shown in Figure 4. 


The design at the tender stage was carried out as a steelwork structure to be constructed using 
traditional hand mining and timbering methods. The permanent works design consisted of 
approximately 85 steel frames (equivalent to 112 tonnes of large steel universal beams - typically 
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UB 533 & UB 457) as shown in Figure 3. High strength concrete class of C40/50 was required 
to the mass concrete matrix surrounding the steel works. However, this design was considered 
unbuildable, due to confined space working, manual handling and multiple lifting operations 
required to install the beams. 


PiT3 - 


Figure 3. Shaft design using traditional timber heading at concept stage; (left) perspective of permanent 
steel frames, (right) long section showing 3 pits shown in green, amber and red to construct the shaft 
using timber heading and permanent steel frames. 


Subsequently, the tender design was optimised and developed into a hybrid solution utilis- 
ing SCL and hand mining techniques. The SCL section eliminated a majority of the perman- 
ent steel frames that were in the tender/concept design. An SCL canopy was utilised at the 
location where the stair rests on existing disused backfilled cross-passage, removing all per- 
manent and temporary steelwork in the area. 


OPENING FRAME 
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TEMPORARY 
WORKS 


OPENING FRAM 
(JAMB) 


PERMANENT WORKS 
STEEL FRAMES OPENING FRAME PERMANENT WORKS 
(CILL) STEEL FRAME (COLUMN) 


Figure 4. Bespoke opening frame design (dark blue) utilising a bespoke jamb on one side and vertical 
jamb (orange) on the other. Note: the light blue steel frames are permanent steelworks and black&white 
frames are temporary props that partially left in the permanent cast in situ concrete. 
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Although the hybrid SCL design required more excavation than the tender design to accom- 
modate the same spaceproofing, it resulted in less volume loss than the traditional hand 
mining method, providing a larger working space for construction logistics and permanent 
works installation and significantly improved health and safety in construction. To further 
limit the number of steel frames required, bespoke steel sections and connections were 
designed. Due to space constraint and the presence of temporary and permanent steel for the 
opening to DLR concourse (see Figures 2 and 4), the Lower PRM Shaft opening frame was 
designed with a bespoke lintel/jamb frames (dark blue and orange steel elements shown in 
Figure 4) to avoid clashing with the temporary steelwork. 

In the design a careful thought has been given to sizing/positioning the temporary props 
and the permanent steel frames to avoid clashing and minimizing manual handling required 
for migration of heavy steel profiles down to the construction pit. 


3 NUMERICAL MODELLING AND GROUND MOVEMENT PREDICTION 


The Lower PRM Shaft is located entirely in London Clay, as it connects the Northern line 
level to the DLR level located in London Clay A3 and A2 units respectively. London Clay has 
a depth dependent undrained shear strength (cą), and Young’s modulus is approximately 200 
X Cy. Groundwater pressure increases hydrostatically with depth, with groundwater table 
located at 108m above tunnel datum (m ATD). Figure 5 (right) shows the stratigraphy, the 
levels of the Northern line and DLR, as well as the depth dependent c,. 

Due to the three-dimensional (3D) nature of the Lower PRM Shaft construction, 3D finite 
element (FE) analysis has been carried out using Abaqus software by Dassault Systèmes to 
predict the ground movement induced and to carry out impact assessment of the existing 
DLR structures. The structures simulated are shown in Figure 5 (left). The ground, secant pile 
box and cast in place concrete structures were simulated using solid elements. Tunnel and 
shaft linings were simulated using shell elements. Steel beams and columns were simulated as 
beams. The constitutive models for the ground and SCL are Mohr-Coulomb and concrete 
damaged plasticity model, respectively. The stepwise excavation and support construction 
sequence of the shaft has been simulated. 


115m ATD 
110m ATD 


105m ATD 


ELLIPTICAL HYBRID SCL AND 
SQUAREWORKS SHAFT 
SCL CANOPY 


EXISTING DLR 
CROSS PASSAGE 


92m ATD 


85m ATD ~ 


79m ATD 


75m ATD 


55m ATD 


Figure 5. (left) Isometric view of the 3D FE model showing the existing and new structures simulated; 
(Right) Stratigraphy at the location of Lower PRM Shaft, which connects the Northern line and DLR levels. 
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4 CONSTRUCTION 


To enable the successful excavation and construction of the Lower PRM Shaft, the site set-up had 
to consider the whole construction cycle from beginning to end, inclusive of all stages temporary 
works or permanent works to minimise unnecessary and costly re-configurations. Building Infor- 
mation Modelling (BIM) was used for this and to optimise the position of the beams to provide 
maximum clearance and efficiency for excavation and installation of the large permanent and tem- 
porary steel elements, see Figure 6. The construction sequence is shown in Figure 7. 


SERVICE LINES 


WITH ATI 
LADDER ACCESS GATE RELOCATED 


INTO LOWER PRM SHAFT 


LADDER ACCESS INTO 
LOWER PRM SHAFT 
FROM SHAFT BASE ABOVE 


SCAFFOLD HANDRAIL 


DE-DUSTER BAGGING 


VENTILATION 
BAGGING 


MONORAIL NO. 1 


BACKFILLED LIFT SHAFT 
FOR DUMPER ACCESS 


MONORAIL NO. 2 


Figure 6. Isometric view of BIM showing the logistical arrangements at the top of the Lower PRM 
Shaft. 


Stage 1-2 Excavation and support of the SCL shaft 
down to the existing DLR structures including the SCL 
canopy; 


Stage 3 Hand excavation of the shaft between DLR tun- 
nels and cross passages supported with temporary 
steel strutting frames; 


Stage 4 Hand-mined sump and lift pit using timber 
heading and steel frames below the DLR tunnels invert. 


Figure 7. Long section view of the Lower PRM Shaft and the construction sequence. 


Excavation and support for the upper part of the shaft was carried out using small, mechan- 
ised excavators alongside a robotic sprayer, with the excavation split into two sections utilising 
a temporary sprayed sidewall drift. Due to the physical constraints of the TW waler frames 
and the small lifting windows present through the concrete slab above, most of stages 3 and 4 
were excavated by hand using clay spades. The excavation of the lift pit and sump (stage 4) 
were exclusively handworks, as at this stage the permanent steel had been installed leaving 
a lifting window sufficient only for a muck skip and stretcher access. All stages can be seen 
below in Figure 8. 
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Figure 8. Photograph showing top down view of the excavation of elliptical shaft with sidewall drift 
(top-left), hand-mined excavation of lift pit and sump (top-right), view of the Lower PRM Shaft with 
both temporary & permanent strutting frames (bottom-left), view of the Lower PRM Shaft with tempor- 
ary strutting frames only (bottom-right). 


5 MONITORING AND DESIGN VERIFICATION 


The Lower PRM Shaft works directly affected the existing tunnel assets of the DLR Platform 
10 and Concourse tunnels, excavating above, alongside, and below, exposing rings of both 
structures. The assessed impact and management of risk to these assets and the operational 
railway required robust and reliable monitoring of the tunnel structure; via a combination of 
3D prisms read by a fixed automated total station (ATS), manually read targets and precise 
levelling of the top of the running rails. Limits of movements were defined to control move- 
ments and notify at key points to implement actions or mitigation measures as appropriate 
based on the predicted impact. This was supplemented with visual inspections of the exposed 
structure to identify any physical signs of distress, water ingress, etc. Existing assets affected 
that required monitoring are: 


— DLR Platform Tunnel TTPA10 including i) tunnel structure, 11) DLR track, iii) Platform 
Train Interface (PTI) 
— Concourse Tunnel PCT532 including the tunnel structure. 


Below are the tabulated maximum values of observed movements for each of the above 
versus the prediction made by FE analysis. 

Figure 9 Presents the contour plot of DLR assets total displacements during construction at 
the end of temporary works. The measured movements illustrated in Figure 10 have been 
taken on a cross section through the centre of the shaft. 

During excavation of the Lower PRM shaft, movements were observed locally at Platform 
10 and Concourse tunnels where localised bulging towards excavation occurred (maximum 
8mm and 12mm ovalisation respectively). These occurred approx. at the centre of the zone of 
influence as typically expected. There was also slight heave on the closest rail to excavation 
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Table 1. Observed movements against predictions. 


Location Maximum Observed Movement Prediction 
DLR Platform Tunnel TTPA10 7mm convergence 6mm convergence 
8mm divergence 7mm divergence 
DLR Track RHR: <2mm heave RHR: <Imm heave 
LHR: <Imm heave LHR: <Imm heave 
Platform Train Inter-face 2mm reduction From -Imm (reduction in gap) to 
+5mm (increase in gap) 
Concourse Tunnel PCT 532 12mm convergence 6mm convergence 
11mm divergence 7mm divergence 


DLR Platform Concourse 


Concourse 
DLR Platform 


Figure 9. Finite Element total displacement at the end of construction, (left)plan view from above 
showing contour plot, (right) cross section depicting displacement vectors. 
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Figure 10. Cross section through middle of the shaft, values shown are maximum measured convergence. 
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(approx. 2mm), whereas the other rail remained stable. This had a negligible impact on track 
geometry or the platform train interface (PTI) which remained stable throughout with very 
minor shortening (up to -2mm) verified by direct manual checks. Overall, the movements 
observed were below those expected. 


6 CONCLUSION 


Accommodating a lift, lift lobby, staircase and a sump between two existing tunnels that are 
nearly 3.5m apart and 40m deep in the ground was carried out successfully using a hybrid 
SCL and hand-minded method. It was a design change from the tender/concept design stage 
of a traditional timber heading is commonly used in in London clay in vicinity of existing tun- 
nels. The design change resulted in £105k savings in material cost, £105k in labour and 14 
days in the programme. This is apart from the health and safety benefits (reduction of manual 
handling of large steel beams and risks associated with working in confined spaces) that 
a SCL solution provides which cannot be quantified in terms of money. It also provided 
a robust waterproofing system in the Lower PRM and improvement at the interface with the 
Upper PRM permanent works (continuity in construction methodology). 

The optimisation has reduced the amount of permanent steel structural sections from over 
112 tonnes to less than 36 tonnes, which is equivalent to reduction of embodied carbon from 
200 tCOxe to 65 tCOxe. No change has been made to the passenger spaceproofing envelopes 
in the lift pit and lift lobby, finishes or services zones in this area because of the redesign 
optimisation. 
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ABSTRACT: East Coast Railway is constructing a new railway line parallel to an existing 
one in Koraput- Singapur Road section. This 164 km long railway line has 36 existing tunnels 
and 24 tunnels for proposed second line. The existing line was constructed in 1982 through 
a dense forest and varying geology. This paper focuses on a smaller section of 45 km length 
between Tikri and Bhalumaska with 19 proposed tunnels. 

The existing railway line passes through steep gradient with sharp curves. This region has 
low population and has dense forests. Proposed line is planned to increase capacity of section. 
Planning optimised alignment was a challenge with range of factors affecting the decision. 

The project encountered geological challenges during design of proposed Tunnel 23. Various 
failures were recorded while existing Tunnel 23 was constructed. The challenges faced during exe- 
cution of project and how decisions were made while following sustainable practices are discussed. 


1 INTRODUCTION 


RITES Limited was awarded the work for design of proposed alignment of tunnels, conduct- 
ing geological & geo-technical investigations and preparation of detailed project report along 
with detailed designs and drawings for construction of railway tunnels between Tikri and Bha- 
lumaska stations. Tikri to Bhalumaska is 45 km long within the 164 km long Koraput to Sin- 
gapur Road railway line. 

This paper discusses challenges faced for design of tunnels and railway alignment from Tikri 
to Bhalumaska section, challenges faced during design of Tunnel 23 and sustainable practices/ 
approaches followed during the process. Sustainability was a major focus while deciding the 
railway alignment with excavations and filling volumes optimized for reducing environmental 
loss and to have minimum impact to existing biodiversity and land acquisitions. 


2 LOCATION OF THE PROJECT 


The project lies in Rayagada district of Odisha state of India. The project region is in south- 
eastern region of India as shown in Figure 1. 

The project lies in the eastern ghats of India with hills upto 900m height with Tikri at 825m 
elevation from Mean Sea Level (MSL) and Bhalumaska at 485m above MSL. The length of 
the proposed project to construct a second parallel railway line in this region is 45 km out of 
whole railway line of 164 km. The alignment has ruling gradient of 1 in 100 and curves with 
sharp radius upto 5 degree. The alignment of the project is as shown in Figure 1. 

Tikri- Bhalumaska section has 19 propose tunnels with total length of 12.1 km. The longest 
tunnel is 1.86 km long whereas the shortest tunnel is 120m long. Tunnels are located in a region 
with high variation in geology with fractured and weak rock to intact rock with very high strength. 
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Figure 1. Location of the project Tikri- Bhalumaska section in Rayagada district, Odisha. 
3 GEOLOGY 


This region is a part of Eastern Ghats Mobile Belt (EGMB), covering parts of Odisha, 
Andhra Pradesh, Tamil Nadu, and a small part of Karnataka. It comprises of a typical assem- 
blage of charnockite and khondalite groups, migmatitic gneisses, granitoid, and pegmatite, all 
metamorphosed to high-grade granulite facies. 

The Eastern Ghat Mobile Belt (EGMB) is a well-defined entity forming a series of hill 
ranges parallel to the east coast of India from Mahanadi (Orissa) in the north to Nallamalai 
(Andhra Pradesh) in the south. It is a prominent Precambrian orogenic belt. 
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Figure 2. Eastern Ghat Belt based on lithological characters (Ramakrishnan, 2008). 


The principal rock units of the eastern ghats are the granite gneisses, the charnockite series, the 
khondalite series, and the Granites. The charnockite series and the khondalite series are more in 
proportion in the hill ranges, whereas the granite gneisses are more in proportion in the plains 
between the hill ranges and the east coast (Sriramadas, 1960). Eastern Ghat supergroup of rocks 
comprises several linear patches of khondalite, quartzite, calc granulite, charnockite, and granite. 

Majorly granitic gneiss is observed along the proposed tunnel locations. Granitic gneiss is mod- 
erately to highly weathered in general and completely weathered at places, jointed, medium strong 
to weak in strength. Although, it was observed from the unlined portions of existing tunnels that 
the rock expected to encounter inside the proposed tunnel is good quality, intact and self- 
supporting. Detailed geotechnical investigations further supported the observations. 

Tunnel 23 had a large variation in geology across its length with high geotechnical risks and 
experiences from the construction of first line indicated that a detailed investigation was neces- 
sary for this tunnel to eliminate these risks. The geological challenges and mitigation measures 
associated with Tunnel 23 are mentioned in detail in the Section 5 of this paper. 
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4 RAILWAY ALIGNMENT DESIGN AND CHALLENGES FACED 


Making decision on alignment for this railway section was a challenging task as it has multiple 
sharp curves with 5 degree radius and steep rise & fall of upto 1 in 100 gradients. Various factors 
related to land topography were considered while making decisions. The existing railway line 
follows edge of the hills at most of the places making it difficult to propose second parallel rail- 
way line without creating high cuttings or fillings. Apart from topographical challenges, there 
were environment impact challenges as well. The existing alignment passes through dense forest 
in the hills of eastern ghat with rich biodiversity having unique flora and fauna. 


Figure 3. Easter ghat hills rich in biodiversity. 


Client provided preliminary alignment before start of the project which was studied and 
modifications were proposed to optimize the alignment to mitigate project risks. 


4.1 Key aspects for decision making related to proposed alignment 


The proposed railway alignment was designed parallel to the existing alignment to share the 
existing infrastructure (such as station buildings, service & maintenance buildings, electricity 
& water supply, signaling systems and approach roads). 

As the alignment passes through a highly uneven topography, the existing railway line has 
many major & minor bridges along with 21 existing tunnels. It is common to notice large fill- 
ings and high cuttings along the existing railway line. 


Figure 4. Existing railway line passing though high cutting and deep valley. 


Due to topography variations and existing major structures (bridges and tunnels), it was not 
possible to propose a railway line with a fixed distance from existing line. Hence, the initial criteria 
to make decisions on proposed alignments was to decide its distance from existing railway line at 
locations with tunnels, major bridges and at flat terrain, as mentioned in Table 1. 

Existing major bridges were constructed with wide footings and hence safe center to center 
distance of 20m was decided for proposed parallel major bridges. It was proposed to minimize 
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Table 1. Distance between proposed alignment and existing alignment at 
location of key structures. 


S.No. Structure Type Distance of proposed alignment 


1 Major Bridge 20 m 
2 Tunnel 30-35 m 
3 Open sections 6.5m 
4 Tunnel approaches 20-30 m 


the impact on existing bridges during construction of proposed bridges. Similarly, proposed 
tunnels were decided to be 35m apart (axis to axis) considering the geology, space require- 
ments and to avoid any impact on existing tunnels while construction of proposed tunnels. 
The complete alignment of 45 km was mapped with guiding aspects as per Table 1 for pro- 
posed track distances and then horizontal curves & transitions were designed between Tikri and 
Bhalumaska sections as per railway manual (Railway board, Ministry of Railways, 2020)). 


4.2 Land acquisitions 


This region is isolated forest land with limited transportation and communication networks. 
Most of the people staying in this region are following tribal cultures which are centuries old 
and have limited exposure to the technology and development. Village culture and agricultural 
practices are unique to these local communities. The tribal cultures and practices are natural 
heritage of the country and it is legal and social responsibility of the professionals involved 
with the project to protect them. 


Figure 5. Alignment proposed to avoid the village and fields to minimize the impact. 


Figure above is an example where the location of alignment of the proposed railway line 
was decided to avoid fields for land acquisition and existing village, hence avoiding displace- 
ment of communities and adverse impact on agriculture land. Such decisions were taken for 
alignment design for this 45 km long project. 


Table 2. Reduction in land acquisition and requirement due to refinement of 


alignment. 
Land requirement (original) Land requirement (revised) Reduction 
778,540 m? 566,211 m? 37.5% 


Efficient design of alignment resulted in reducing impact by 37.5% in terms of forest land 
requirements, in comparison to the original proposal. 
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4.3 Reducing open excavations and filling 


As discussed on Section 4.1, existing alignment is placed along the hill edge, which brings 
a challenge to decide proposed railway alignment parallel to it without high cutting of hills or 
filling in valleys. Reduction in amount of cutting and fillings across the railway line was prior- 
ity to save project cost, construction time, land acquisition and to make the project sustainable. 

To reduce excavation and filling quantities for proposed line, both left and right sides of exist- 
ing railway line were studied as preferable locations. Post detailed study, preferred locations for 
proposed line (left or right to existing line) were chosen, with preferable switches where required. 
Along 45 km long stretch (moving from Rauli to Bhalumaska), the proposed alignment is on 
the right side of existing alignment for first 5.5 km, on left for next 16.5 km, on right for next 
7km, on left for next 9 km and on right for last 7 km. The switch of proposed alignment from 
left to right (or right to left) with respect to existing line was designed as cut and connections 
(4 numbers). A sample of cut and connection proposed is as shown in Figure 6. 
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Figure 6. Cut and connection between Tikri and Bhalumaska stations. 


Apart from cut and connections, it was decided to start the tunnels with lower covers to 
crown and build retaining wall (both hill side and valley side) to reduce cuttings & fillings. These 
resulted in achieving a better solution and the overall reduction in costs and construction time. 


Table 3. Reduction in volume of excavations and filling under railway track due to 
refinement of alignment. 


Original proposal Revised proposal Reduction 
Excavation 4,235,500 m? 3,711,700 m° 12% 
Filling 142,800 m? 68,932 m° 51% 


As per the details in Table 3, the impact of these initiatives was substantial and resulted in 
reducing carbon emissions from reduction in excavation and filling works. Further, this also 
resulted in reduction in project cost by Rs. 1.3 billion (approx. USD 16 million). 


5 GEOLOGICAL CHALLENGES WITH TUNNEL 23 AND PLANNING IN 
ADVANCE FOR MITIGATION 


Decisions taken during design of Tunnel 23 played important role to demonstrate that plan- 
ning in early phases of project lead to sustainable construction by efficient use of resources 
and preparedness for upcoming challenges. 

Existing Tunnel 23 was constructed in 1982 with limited tunnel construction experience and 
technology available with India’s tunnelling industry. The existing tunnel is 1.6 km long with sub- 
stantial variation in geology across its length. The tunnel has very strong and intact rock towards 
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portals, although a 300 m long stretch in the center has very poor geology, with huge water ingress 
encountered during construction of existing tunnel. As soon as the tunnel construction reached 
the weaker strata, a large volume of water came into the tunnel resulting in face collapse and even- 
tually chimney failure with creation of large crater on the surface. Dewatering and jet grouting 
techniques were used from the surface to improve the ground before resuming tunnelling activities 
again. About 675,000 kg of cement was used to grout the whole region. Once the ground was sta- 
blised, heavier support such as steel ribs and forepolling were used to tunnel through the grouted 
ground until good rock is encountered again. The unexpected discovery of weaker strata led to 
1 year delay of the project and 4 times escalation in cost for the client. Further, limited availability 
of geological data led to overuse of resources (Rao, 2002). This failure was the best information 
available to make decisions for the proposed second tunnel for parallel railway line. 

As limited data was available for the grouted ground in the vicinity of the existing tunnel, it was 
decided to go for extensive geotechnical investigations to know detailed information about ground 
conditions. Bore holes were planned both along the tunnel alignment and across the tunnel align- 
ment to map the zone of weak ground in this region. Further, geophysical studies were conducted 
to corelate the finding and have more data to observe the variation. Geological investigations indi- 
cated that if distance between the tunnels can be increased, then the proposed tunnel would 
encounter better ground. The alignment was revised to relocate the tunnel in better geology. 


TUNNEL-T23 Proposed tunnel 


Existing tunnel 


Boreholes 


Figure 7. Geotechnical investigations conducted on Tunnel 23. 


Extensive planning, assessment of geology and preferred tunnel location led to informed deci- 
sion on tunnel design. Improved proposal avoided requirement of heavy supports (reducing 
steel requirements), grouting (reducing cement requirements), project delays and groundwater 
contamination due to grouting. Further, good quality work is expected, unreinforced permanent 
lining was proposed reducing requirement for structural steel. Early planning and informed 
decision making for the revised proposal avoided carbon emissions that would have otherwise 
been added to environment from overuse of 820,000 kg steel and 950,000 kg cement. 


6 REDUCTION IN ENVIRONMENTAL IMPACT AND SUSTAINABILITY 


In 1987, the (United Nations, 1987) defined sustainability as “meeting the needs of the present 
without compromising the ability of future generations to meet their own needs”. Further to 
understand if an action/project/ process is sustainable, four pillars of sustainability were defined 
as social, human, economic and environmental. 

This project was proposed with consideration to each of these pillars of sustainability. The 
social aspects of sustainability were taken into consideration while deciding the alignment of 
proposed railway line, avoiding old villages and fields. This led to conservation of ancient 
tribal culture and farming practices. Section 4 of this paper details more on these initiatives. 

Human pillar of sustainability focuses on health & safety, access to service, nutrition, know- 
ledge and skills. The project bought many employment opportunities for the local community 
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which helped people from all genders to learn new skills and enhance their knowledge sets. 
Further, the proposed upgrade of rail network will open more opportunities for easy access to 
transportation and hence access to services such as schools and medical facilities. 

Economic pillar of sustainability deals with employment opportunities, growth and stand- 
ard of living. The project has 45 km of railway line with many bridges and tunnels to be con- 
structed and potential with many employment opportunities for local people. Acquiring skills 
while working would raise the standard of living and increase employability of local communi- 
ties in long term. 

Environment pillar of sustainability focuses on protection and efficient use of natural cap- 
ital (land, water, air, minerals etc.). Decisions taken during alignment finalization and tunnel 
design helped to reduce land acquisitions, large excavations in cuttings and wide fillings, tree 
cuttings and reduction in use of steel & concrete. These initiatives resulted in efficient use of 
materials and resources contributing to the sustainability of the project. More details are as 
discussed in Section 4 and 5 of this paper. 
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Figure 8. UN Sustainable development goals (United Nations, 2015). 


UN SDGs were shared in 2016 with focus on a multi- dimensional agenda to sustainability 
for year 2030. The sustainable initiatives and decisions taken during design of this project con- 
tributed to goal number 8 (generating employment opportunities), 9 (creating railway infrastruc- 
ture network), 11 (protecting community values), 12 (responsible consumption of materials and 
resources), 13 (reduction in carbon emissions from steel & cement use), 15 (minimizing impact 
on ‘life on land’ by reducing land acquisition and hill cuttings/ fillings). 

Sustainability initiatives taken for the project were measured with a tool, known as Uspear. 

Uspear is developed as a decision/assessment support tool with a comprehensive indicator 
framework that specifically addresses sustainability issues in Urban Underground Space (UUS) 
development (Zargarian, 2016). The tool is tailor made to specific need and is applicable to assess- 
ments in urban regions. Although, it is found useful with tunnels in non- urban regions and is 
used for this project. With modifications it has scope to be more efficient for non- urban regions. 
It considers 21 indicators from economic, social and environmental aspects to help with decision 
making. The assessment for project in discussion is shown as Figure 9. 

Further, as per (HM Treasury, 2013) and (Green Construction Board, 2013) maximum 
impact on the project can be made during early stages as shown in the Figure 10. Following 
sustainable practices was at the heart of decision making right form the planning stages of this 
project. Major contributions were made to the project to reduce impact on environment while 
deciding alignment and designing tunnels to suit the best geology. 
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Figure 9. Uspear diagram for weighted comparison of sustainability indicators. 
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Figure 10. Carbon reduction potential with associate project stages (HM Treasury, 2013) & (Green 
Construction Board, 2013). 
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ABSTRACT: The National Cooperative for the Disposal of Radioactive Waste (Nagra) in 
Switzerland has designated Opalinus clay as a host rock for a deep geological repository. The 
drifts for high-level waste storage (Ø 3.5 m) are to be constructed with a shielded tunnel boring 
machine (TBM) at depths where squeezing conditions may occur and the ground is fully satur- 
ated. This paper studies the TBM shield jamming hazard during excavation or long TBM stand- 
stills by means of 3D, transient, coupled hydraulic-mechanical Finite Element computations. An 
anisotropic linearly elastic and perfectly plastic constitutive model with a Mohr Coulomb yield 
condition is adopted for the Opalinus clay. Of practical interest is the influence of anisotropy and 
ground desaturation on the time-dependent ground deformations after excavation. The study con- 
cludes that shield jamming is not critical. The results offer practical guidance for the identification 
of critical design aspects for underground systems in pronouncedly anisotropic ground. 


1 INTRODUCTION 


In Switzerland, high-level waste (HLW) will be stored in cylindrical drifts with external and 
internal diameters of 3.5 m and 2.8 m, respectively, embedded in Opalinus clay (Figure 1). In the 
repository siting regions under consideration in the last stage of the site selection process, the Opa- 
linus clay layer is ca. 100 m thick, fully saturated, and interspersed between permeable layers of 
calcareous and argillaceous marls at depths ranging from 600 to 900 m. The drifts are to be con- 
structed with a shielded tunnel boring machine (TBM) and supported by a segmental concrete 
lining. Squeezing conditions, characterized by the development of significant rock pressure upon 
the shield and the lining, may be encountered at the depths under consideration. Hence, the most 
critical hazards are over-stressing of the segmental lining and jamming of the TBM shield, which 
occurs when the installed thrust force in the TBM is insufficient to overcome the frictional forces 
developing upon contact of the shield with the ground (Ramoni & Anagnostou 2010). 

This paper presents a detailed numerical assessment of the shield jamming hazard for the deep- 
est planned repository location with 900 m overburden. By virtue of the presented investigations, 
the paper aims to improve the understanding of the influence that material anisotropy and ground 
desaturation have on the excess pore pressure dissipation and ground consolidation. In this sense, 
it also offers general guidance for considering these aspects in the design of deep geological reposi- 
tories and, more generally, underground systems in low-permeability anisotropic rock. 

The paper starts with a discussion on the key geological features and the anisotropic mechanical 
behaviour of Opalinus clay in Section 2. Section 3 discusses the conditions during excavation that 
lead to the development of negative pore pressures and potential ground desaturation. 
Section 4 performs a preliminary assessment of the convergences, while Section 5 describes the 3D 
computational model employed for the detailed assessment of shield jamming. Section 6 examines 
the development and dissipation of excess pore pressures in the vicinity of the tunnel, with specific 
focus on the influence of ground desaturation and anisotropy. Finally, Section 7 demonstrates the 
influence of these effects on shield jamming and evaluates the necessary TBM overcut. 
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Figure 1. Schematic layout of the underground facility (left); cross section of a HLW drift (right). 


2 DESCRIPTION OF OPALINUS CLAY 


Opalinus Clay consists mostly of grey to black, silty to sandy claystones. It was formed in 
a shallow epicontinental sea during the early Middle Jurassic period and upon deposition 
experienced a complex evolution (Mazurek et al. 2006). The maximum burial depth of ca. 1500- 
2000 m developed in the Miocene, followed by uplift to present depths of ca. 400-1000 m in the 
repository sites. Opalinus Clay exhibits similar properties to the Callovo-Oxfordian claystone, 
the designated host rock for a radioactive waste repository in France (e.g., Armand et al. 2017), 
as well as many caprocks (or top seals) for hydrocarbon reservoirs. Compared to “classic” 
clays, such as London Clay, it is characterised by much lower porosity and higher strength. 

The strength and stiffness properties of Opalinus clay have been investigated by means of 
consolidated drained and undrained triaxial compression tests on specimens obtained from 
deep boreholes in the repository sites under consideration. Due to the expectation that Opali- 
nus clay will have a pronouncedly anisotropic behaviour, the tests were performed for various 
bedding orientations (Crisci et al. 2021, 2022). Figure 2 shows the typical experimental behav- 
iour of samples with the same initial confining pressure in the various test types. The results 
indicate: (i) slightly nonlinear behaviour right from the start of loading; (ii) stiffness anisot- 
ropy (maximum stiffness in P-tests parallel to the bedding and minimum stiffness in S-tests 
orthogonal to the bedding); (iii) strength anisotropy (lower strength for failure along the bed- 
ding in Z-tests compared to failure through the matrix in S- and P-tests); and (iv) practically 
brittle strain softening in the rock matrix and bedding. Additionally, (v), moderate stiffness 
dependency on the initial confining pressure was observed (not visible in Figure 2). 


40 (S) D P Young's modulus orthogonal to bedding E, 5.1 GPa 
m7 Young's modulus parallel to bedding £, 10.8 GPa 
30 5 W Shear modulus Gop 2.2 GPa 


N (S) A Poisson's ratio Vp», 0.25 
20 | Ke \ Poisson's ratio vop O15 


=y Matrix cohesion c (peak and residual state) 5; | MPa 
(4) 5 33.5%; 26.5° 


Matrix friction angle ø (peak and res. state) 


deviatoric stress [MPa] 


10 ji Matrix dilatancy angle w (peak and res. state) 2° 
J Bedding cohesion c, (peak and res. state) 1.5; 0.5 MPa 

0 j T Bedding friction angle p, (peak and res. state) 345 43° 
0 1% 2% 3% Bedding dilatancy angle y/, (peak and res. state) bh 
axial strain Permeability k 10°' mis 


Figure 2. Typical experimental behaviour of Opalinus clay in triaxial compression tests (after Crisci 
et al. 2021, 2022, tests CI _TRU1_1, C13T_BULI-1 and C9_BOZ2_1) and material constants at 
900 m depth (after Brauchart et al. 2021). 


To simulate the behaviour of Opalinus clay, an extension of the common linear elastic and 
perfectly plastic constitutive model with a Mohr-Coulomb yield criterion and a non-associated 
plastic flow rule is adopted, which additionally considers the aforementioned stiffness and 
strength anisotropy. The model behaviour is fully defined via 11 constants, as listed in the table 
inside Figure 2. While the model can readily reproduce anisotropy with a single set of material 
constants, it is incapable of capturing pre-peak nonlinearity, softening, and stiffness dependency 
on the initial confining pressure. These limitations are circumvented by considering: (a) 
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nonlinearity via the secant stiffness modulus at 50% of peak strength, which is accurate for tun- 
nelling problems under squeezing conditions (Vrakas et al. 2018); (b) softening via two border- 
line cases for the peak and residual states; and, (c), stiffness dependency on initial confining 
pressure by considering the values of the Young’s moduli E, and E, that hold at the expected 
in situ stress (cf. Vrakas et al. 2018). The typical material constants for Opalinus clay as deter- 
mined from the experimental data are given in Figure 2. These values correspond to a 
900 m overburden and will be used later for the numerical computations. (The constants after 
Figure 2 are slightly different than the ones adopted in the companion paper by Morosoli et al., 
2023, because they are based upon an earlier preliminary calibration.) 


3 CONDITIONS DURING EXCAVATION 


Excavation causes an unloading of the tunnel boundary. Below a certain value of the support 
pressure, the ground yields plastically in a zone around the tunnel (so-called “plastic zone”). In 
the absence of water, the unloading would result in volumetric increase inside the plastic zone 
(due to plastic dilatancy and stress reduction). In low-permeability, water-bearing ground, such 
as Opalinus clay (k=10"° m/s), practically undrained conditions prevail during excavation since 
seepage flow takes place extremely slowly and the extent of the consolidation is negligible. 
Therefore, the water content remains constant, which is equivalent to zero volumetric deform- 
ations (assuming incompressible ground constituents, i.e., solid grains and pore water, which is 
realistic for weak rocks). Due to this volumetric constraint, the tunnel unloading is accompanied 
by a decrease in pore pressures in the plastic zone. Depending on in situ stress and hydrostatic 
pressure, support pressure and ground parameters, the pore pressure may even become negative 
(“suction”). This is thoroughly possible in the present case, considering the high in situ stresses. 

The suction has a stabilising effect, since it increases the effective stresses and hence the 
shear resistance of the ground. However, it may result in air entry into (and thus desaturation 
of) the ground. Although claystones may remain saturated even under high negative pore 
pressures (Chenevert 1969), it is thoroughly possible that cracks develop and open around the 
tunnel during excavation, thus inducing desaturation. The latter would invalidate the zero 
volumetric strain assumption and lead to partial or complete loss of the stabilising effect of 
negative pore pressures and, in turn, to bigger plastic deformations and convergences. 

Considering the possibility of (unfavourable) ground desaturation, it is worth conducting 
an in-depth investigation into the mechanism underlying excess pore pressure generation. This 
is done later, in Section 6, paying particular attention to the effect of stiffness anisotropy. 

The development of excess pore pressures and the drainage action of the tunnel trigger seep- 
age flow in the surrounding ground. This enables the progressive dissipation of the excess 
pore pressures and results in ground consolidation. Due to the extremely low permeability of 
Opalinus clay, this process is pronouncedly time dependent, playing a role in the long-term 
behaviour of the tunnels, but having only subordinate importance for the processes in the 
vicinity of the advancing tunnel face. 


4 PRELIMINARY ASSESSMENT OF THE SHORT-TERM CONVERGENCES 


A rough estimate of the convergences that occur during excavation in the vicinity of the advan- 
cing tunnel face can be obtained using closed-form solutions for the ground response curve 
(GRC) under undrained conditions in elastoplastic ground, considering either a perfectly plastic 
ground (Anagnostou 2009) or a brittle-plastic ground (Nordas & Anagnostou 2021). The assump- 
tion of brittle-plastic behaviour appears reasonable in view of the experimental results (see dia- 
gram in Figure 2), which indicate a rather sudden drop in strength after some deformation, while 
the perfectly plastic model (in combination with the residual or with the peak strength param- 
eters) serves to bound the possible range of ground response. A GRC describes the relationship 
between the radial displacement u, of the tunnel boundary and the support pressure o, applied 
thereat, assuming plane strain conditions. The common assumptions of rotational symmetry are 
embedded in the solutions, ie. a deep, cylindrical and uniformly supported tunnel crossing 
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homogeneous and isotropic rock, with homogeneous and isotropic initial stress and pore pressure 
fields. Additionally, the ground is assumed to remain fully saturated under negative pore pres- 
sures, and a zero dilatancy angle (w = 0°) is considered. This is equivalent to zero plastic volumet- 
ric deformations, and is in fact a conservative assumption, since it results in lower suction and 
thus less stabilisation of the ground, and in turn larger displacements. 

Figure 3 shows the GRCs, for a 3.5 m diameter tunnel (Figure 1), the minimum Young’s modu- 
lus (E, = 5.1 GPa), v = 0.15 and the strength parameters of either the rock matrix (1.h.s. diagram) 
or the bedding plane (r.h.s. diagram). It is remarkable that the predictions of the brittle plastic 
material model are very close to those of a perfectly plastic model with residual parameters. 
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Figure 3. Ground response curves. 


The results indicate a maximum radial ground displacement of 55 mm. Considering that 
about 30 to 50% of the displacements occur ahead of the tunnel face, a moderate TBM cutter- 
heat overcut of about 30 to 40 mm is required to completely avoid contact between the 
ground and the shield. 

Notwithstanding the favourable results of these preliminary investigations, a more accurate 
assessment of the shield jamming hazard is needed to consider additional aspects that plane strain 
solutions neglect: (i) the potential partial drainage and consolidation which may occur during con- 
struction, particularly during longer excavation standstills, resulting in greater convergences; (ii) 
the expected anisotropy of the in situ stress field (Nagra 2016); (iii) the effect of material anisot- 
ropy on the pore pressure, stress and displacement distributions around the tunnel, which can 
locally increase convergences in parts of the tunnel cross-section; and (iv) the unfavourable influ- 
ence of potential desaturation of the Opalinus clay on convergences (cf Section 3). 

A detailed spatial simulation of the mechanised excavation is carried out with a 3D coupled 
hydraulic-mechanical Finite Element (FE) model, taking all the above into consideration. The 
model is presented in Section 5 and the results of the spatial simulations in Sections 6 and 7. 


5 COMPUTATIONAL MODEL 


A 3D coupled hydraulic-mechanical FE model has been developed in Abaqus® (Dassault Sys- 
tèmes 2019) to simulate step-by-step drift excavation and lining installation sequences (Figure 4). 
Due to the uncertainty about the effect of high negative pore pressures on ground saturation, two 
borderline cases are considered: (i) the ground remains 100% saturated; and (ii) the ground fully 
desaturates and atmospheric pressure (p,, = 0 MPa) prevails in regions where negative pore pres- 
sures would otherwise develop (so-called “suction cut-off”). The latter is considered via the specifi- 
cation of a sorption curve that prescribes 0 pore pressure for saturation levels below 100%. For 
the sake of simplicity, a desaturation-induced reduction in permeability is not considered. This 
effect may influence the time-development of deformations (and thus the duration of the consoli- 
dation process) but is irrelevant for the instantaneous response during excavation. 

On account of the high permeability contrast between Opalinus clay and the adjacent for- 
mation, the in situ, hydrostatic, pore pressure (po = 9 MPa) is prescribed at their interface, 
50 m above and below the tunnel axis (Figure 4). The far-field boundaries of Opalinus clay 
are taken as impervious. At the tunnel boundary two different hydraulic boundary conditions 
are considered, depending on the adopted assumption for desaturation: (i) when the ground 
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remains fully saturated, thus sustaining negative pore pressures, a mixed condition is con- 
sidered that enables seepage flow solely from the rock to the tunnel but not vice versa; and, 
(ii), when the ground fully desaturates, atmospheric pressure (pẹ = 0) is considered. The in situ 
stress state is taken anisotropic with earth pressure coefficient K, = 1.3 in the longitudinal 
direction (Nagra 2016) and vertical stress gg = 22.5 MPa at 900 m depth. 

The anisotropic linearly elastic and perfectly plastic constitutive model of Section 2 is 
adopted for Opalinus clay, taking account of the horizontal bedding and the residual strength 
parameters (after Figure 2). The latter is reasonably conservative (Section 4, Figure 3). The 
far-field rock and the concrete lining are modelled as linearly elastic materials with E = 5 GPa 
and E = 30 GPa, respectively. 
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Figure 4. Part of the computational domain (vertical symmetry plane; not in scale). 


The numerical simulation considers the excavation of a 30 m long tunnel stretch, assuming 
a gross advance rate of 5 m/day. At each excavation step, 1 m of ground is removed at the 
advancing face and 1 m of segmental lining is installed immediately behind the 7 m long TBM 
shield. Rather than modelling the shield-ground contact problem, the assumption is made that 
the overcut of the TBM cutter head is sufficient to avoid any contact between them; the shield 
is thus not a component of the statical system, but instead an unsupported span equal to the 
shield length is considered. These computations enable the minimum required overcut to be 
determined from the maximum convergence (i.e., maximum ground displacement relative to 
the tunnel face) of the ground around the shield. 

Two design situations are taken into account: (i) the conditions during ongoing mechanised 
excavation and support installation; and (ii) the conditions after a 1-year long TBM standstill. 
In both cases the full length of 30 m is considered excavated. The standstill duration of 1 year 
is selected as an adverse scenario. 


6 DEVELOPMENT AND DISSIPATION OF EXCESS PORE PRESSURE 


As discussed in Section 3, the ground consolidation that is associated with the dissipation of the 
excavation-induced excess pore pressures is a pronouncedly time-dependent process. This section 
examines in detail the effects of ground desaturation and material anisotropy on this process. 

Figure 5 shows contour plots of the pore pressure field in the vertical symmetry plane 
during TBM advance, after a 1-year long TBM standstill and at steady state (1000 years after 
completion of excavation and lining installation). 

If the ground can sustain suction without desaturation, negative excess pore pressures develop 
around the tunnel over its full length and ahead of the face (red zone in Figure 5a). After 1 year of 
standstill, the negative pressures have completely dissipated (zero pressure) above the stiff lining, 
which prevents additional deformations, but persist locally over the unsupported ground above 
the shield, which is free to deform (Figure 5b). The change in the excess pore pressure field during 
the standstill is remarkable and indicates that considerable consolidation takes place within | year. 
At steady state (Figure 5e), excess pressures have completely dissipated; the pore pressure increases 
gradually from atmospheric (prevailing everywhere at the tunnel boundary) to the in situ hydro- 
static pressure (prevailing at the interface of the Opalinus clay with the adjacent rock; Figure 4). 

In the case of desaturation, atmospheric pressure readily prevails over the entire tunnel 
boundary during TBM advance, roughly in the area where negative pressures would otherwise 
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develop (compare Figure Sa, c). Therefore, the pore pressure field does not change much during 
the 1 year of standstill, either in the supported ground around the lining or in the unsupported 
ground around the shield (Figure 5d); changes are observed only ahead of the tunnel face. Con- 
sequently, the extent of ground consolidation during 1 year is negligible. At steady state, the 
pore pressure distribution is identical to the case without desaturation (Figure 5e). 

To assess the additional influence of anisotropy, Figure 6 shows the pore pressure field dis- 
tributions in the radial directions beside the sidewalls and above the crown of the tunnel at the 
section in the middle of the shield (3.5 m behind the tunnel face), during advance (red lines), 
after a 1-year-long standstill (blue lines) and at steady-state conditions (black lines). 
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Figure 6. Radial pore pressure distributions. 


In the case without desaturation (Figure 6a), the suction developing during TBM advance is 
higher at the crown than at the sidewalls due to stiffness anisotropy; in an isotropic material 
the negative pore pressure is uniform over the tunnel boundary (cf. Anagnostou 2009). 
A qualitative explanation is given hereafter: at the crown, cavity unloading results in an 
expansion in the lower-stiffness direction (i.e., normal to the bedding) and a contraction in the 
higher-stiffness direction (i.e. parallel to the bedding). The overall effect is thus expansion or, 
under undrained conditions, development of negative rather than positive excess pore pres- 
sures. The opposite happens besides the sidewalls; the rock experiences expansion parallel to 
the bedding (in the higher-stiffness direction) and contraction normal to the bedding (in the 
lower-stiffness direction). The overall effect is thus contraction rather than expansion and, 
under undrained conditions, development of positive rather than negative excess pore pres- 
sures. This is why the highest suctions develop above the crown. 

Anisotropy also affects the pore pressures far away from the tunnel; they are higher than 
the in-situ pore pressure po above the crown, but lower than pwo beside the tunnel. After 
1 year of standstill, negative pore pressures have partially dissipated, mainly in the vicinity of 
the tunnel boundary, however the influence of anisotropy discussed above is still apparent. 
The variation of the distributions within 1 year indicates that ground consolidation takes 
place, as confirmed by Figures 5a, b. At steady state, an identical pore pressure distribution is 
obtained both at the crown and at the sidewalls (and over the entire cross-section), and the 
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influence of anisotropy of the mechanical behaviour vanishes. (Opalinus clay also exhibits 
a permeability anisotropy. The latter is not taken into account here, but would also influence 
the steady-state pore pressure field.) 

In the case with desaturation, the influence of anisotropy on the pore pressures prevailing 
around the desaturated zone is still visible (Figure 6b). The desaturated zone is larger than the 
region of negative pressures in the case without desaturation (compare Figure 6a, b). This is 
because the evolution of the pore pressure field during unloading is different in the two cases (in 
the case with desaturation the water content changes within the desaturated zone). After 1 year 
of standstill the distributions change very little, mainly in the region of positive pressures away 
from the tunnel (where the influence of anisotropy is still visible), and consequently the extent of 
consolidation is negligible. The final distributions at steady state conditions are identical at the 
crown and sidewalls, and identical to the case without desaturation (Figure 6a, b). 

It should be noted that the pore pressure oscillations within the desaturated regions in 
Figure 6b (and the red spots in Figure 5c, d) are of a purely numerical nature and are attributed to 
the suction cut-off implementation in Abaqus®, which allows for small negative pore pressures to 
ensure numerical stability. The maximum allowable magnitude of negative pressures is about 0.5 
MPa, which is negligible compared to the magnitude of negative pressures without desaturation 
(6-10 MPa; cf. Figure 6a) and to the magnitude of positive pressures (10-12 MPa; cf. Figure 6a, b). 

Taking all the above into consideration, it is evident that the assumption adopted regarding 
ground desaturation as well as the anisotropy, have a pronounced effect on the time- 
development of consolidation and ground convergences and are thus relevant for the shield 
jamming hazard, which is examined in the next section. 


7 ESTIMATION OF THE NECESSARY OVERCUT 


Figure 7 shows the longitudinal convergence profile at the crown and sidewalls during TBM 
advance and after a l-year-long standstill, for the cases without and with ground desaturation. In 
the case without desaturation (Figure 7a) the stabilising effect of negative pore pressures (cf. Sec- 
tion 3) limits the convergences during TBM advance. After 1 year of standstill, convergences 
increase due to the consolidation taking place (cf Section 6), but the installed stiff lining provides 
support to the ground and hence the increase is pronounced only over the unsupported span 
around the shield. Convergences are at both time instances larger at the sidewalls, where 
a maximum value of about 20 mm is observed close to the shield tail after a 1-year long standstill. 
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Figure 7. Longitudinal convergence profile, (a), without and, (b), with desaturation. 


Desaturation (Figure 7b) eliminates the stabilising effect of suction and thus results in greater 
convergences (about 3 times greater than in the case without desaturation; compare red lines in 
Figure 7a, b). The increase in convergence after 1 year of standstill is negligible, since practically 
no consolidation takes place (cf. Section 6). As opposed to the case without desaturation, con- 
vergences are larger in both instances at the crown (cf. Figure 7a, b), where a maximum value of 
ca. 40 mm is observed at the shield tail, both during advance and after 1 year of standstill. 

The plausibility of the numerical results for the case without desaturation can be assessed based 
upon the GRCs commented in Section 4, which have been computed making the same assump- 
tion. There is good agreement with the GRCs for residual matrix parameters, which — considering 
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that 30-50% of the displacement occurs ahead of the tunnel face — indicate a convergence of 13 - 
18 mm for an unsupported tunnel (cf Figures 3, 7a). (The GRC predictions with residual bedding 
parameters are overly conservative, since bedding strength in the actual 3D problem is only rele- 
vant over a small part of the tunnel cross-section). The differences are otherwise attributed to the 
assumptions embedded in GRCs calculations, particularly those of minimum stiffness over the 
entire cross-section, isotropic material, and isotropic initial stress state (cf: Section 4). 

Evidently, the case with desaturation is the most critical for estimating the necessary overcut. 
The latter is about 40 mm, which is well within the technically feasible range (up to 150 mm).The 
TBM shield jamming hazard is therefore conclusively not critical for HLW drift construction. 


8 CONCLUSIONS 


This paper presented a detailed numerical assessment of the TBM shield jamming hazard during 
the construction of HLW drifts in Opalinus clay, concluding that it is not critical despite the 
expected squeezing conditions, and contact between shield and ground can be avoided with 
a moderate overcut of 40 mm. The presented investigations demonstrate the pronounced influence 
of ground desaturation and material anisotropy on the excess pore pressure dissipation and 
ground consolidation, and offer practical guidance for considering such aspects in analogous situ- 
ations. The present work forms the preliminary basis for a much more detailed assessment of 
shield jamming and lining overstressing over the HLW drift life-cycle, which will also consider 
different options for the lining system and propose sustainable and robust design solutions. 
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ABSTRACT: While a cross passage of shield tunnels was excavated near the Nakdong River 
in South Korea, the tunnels were suddenly destroyed by inappropriate grouting reinforcement 
due to high gas content unexpectedly existing in the alluvial soil deposit. To restore the collapsed 
tunnels, broad and deep excavation was performed along with diaphragm walls to replace the 
damaged tunnels with box structures. In addition, ground freezing was applied to connect the 
box structures inside the diaphragm walls to the intact tunnel sections. The excavation and two 
stages of ground freezing were conducted simultaneously, according to the construction plan. In 
this study, temperature changes in the ground and the horizontal displacements of the diaphragm 
wall were monitored and analyzed. Soil type, water content, and distance from the freezing pipes 
influenced the ground temperature distribution. The deformation of the diaphragm walls was 
induced by the combined effect of the deep excavation and frost expansion of the frozen soil. 


1 INTRODUCTION 


Artificial Ground Freezing (AGF) has been widely adopted to form frozen soil walls as tem- 
porary supports with high strength, stiffness, and waterproofness. Since this method can be 
applied to almost all the ground below the groundwater level, and is almost free from envir- 
onmental pollution, numerous tunnel constructions have utilized this technique, including 
vertical shafts, Tunnel Boring Machine (TBM) starting pits, cross passages, subway stations, 
and urban tunnelling (Pimentel et al. 2012, Han et al. 2016, Levin et al. 2021, Li et al. 2022). 
There are two types of AGF methods depending on the coolant fluid: liquid nitrogen and brine. 
In particular, brine freezing, which cools down the brine in a refrigeration plant and circulates it 
in a closed circuit, as illustrated in Figure 1, has been used when the construction period is long, 
and the freezing area is wide. 

The ground freezing process changes the soil behavior in terms of mechanical, hydraulic, and 
thermal aspects, and influences the adjacent structures (Alzoubi et al. 2020, Park et al. 2022a). 
Several researchers have studied these changes and influences through various approaches, such 
as experimental, numerical, and data-driven approaches. Park et al. (2022b) performed a series 
of triaxial compression tests considering the effect of temperature and confining pressure to 
figure out the strength and stiffness characteristics of frozen sand. Lee et al. (2020) proposed 
a numerical framework that combined the discrete element and finite element methods to calcu- 
late the effective thermal conductivity of particulate media. Pham et al. (2021) proposed a data- 
driven framework to accurately estimate the ground temperature during the AGF operation. 
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However, it should be noted that there is a significant difference in the behavior of artificially 
prepared soil samples in the laboratory and frozen ground in situ. Therefore, monitoring and ana- 
lyzing field measurements are essential for safe and economical AGF application. This study 
monitored and analyzed the temperature changes of the ground and horizontal displacements of 
the adjacent structure during applying artificial freezing for shield tunnel restoration near the 


Nakdong River. 


Figure 1. Heat transfer of the brine freezing. 


f Heat transfer 


Refrigeration plant: 


Freezing pipe: 


2 PROJECT OVERVIEW 


The twin railway tunnels bored by an earth pressure balance shield TBM collapsed during the 
excavation of one of the cross passages, resulting in enormous ground subsidence downstream of 
the Nakdong River, South Korea, as shown in Figure 2. The reason for the collapse was that 
extensive conventional ground reinforcements were not adequately implemented because of the 
unexpectedly high gas content in the soil layer, which was not found in the ground investigation 
(Seol et al. 2022). To restore the tunnels, a broad cut-and-cover method with diaphragm walls was 
adopted to replace the damaged tunnel segments with box structures. The excavated zone was 
divided into ten cells by diaphragm walls, in which each cell has a length of 22 — 25 m, and the 
top-down excavation was implemented with the sequential installation of ring beams for 
reinforcement. 

The AGF method (brine freezing) was applied at both ends of the excavation area to connect 
the box structures inside the excavated zones to the intact tunnel sections. Since only the tunnel 
depth was targeted to freezing, freezing pipes were insulated above the tunnel depth to prevent 
unnecessary cooling energy loss, as shown in Figure 3. Therefore, heat exchange between the 
freezing pipe and surrounding soil occurred at a depth in the range of 21.5 — 35.5 m. The freez- 
ing process was carried out in two subsequent stages considering the freezing plant capacity. At 
the first freezing stage for 31 days, ground freezing by circulating brine was implemented exclu- 
sively in the far side freezing pipes from the diaphragm wall. The second stage of ground freez- 
ing for the remaining 319 days followed with utilizing all the freezing pipes. 

The subsurface investigation provided the soil types as upper silty sand (SM in the Unified Soil 
Classification System, USCS), silty clay (CL in USCS), lower silty sand (SM in USCS), and 
gravel (GP in USCS) from the surface. The engineering properties of the soil layers are summar- 
ized in Table 1. Because the site was near the Nakdong River, the groundwater level was ~ 0 m, 
and the soil was fully saturated. The tunnels were located through the silty clay and lower silty 
sand layers. 
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Table 1. Engineering properties of each soil layer. 


Unit weight Cohesion Internal friction Deformation Poisson’s 
Soil layer (kN/m?) (kPa) angle (°) modulus (MPa) ratio 
Upper silty sand 18 2 20 7 0.37 
Silty clay 17 18 1 4 0.40 
Lower silty sand 18 0.1 27 25 0.36 
Gravel 20 0.1 35 100 0.32 
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Figure 2. Location of excavation site. 


<— Supply 
Return 


Insulation 


Passive zone 


Frozen soil t t 


Active zone 


Figure 3. Schematic of freezing pipe. 
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3 MONITORING METHOD 


In this study, the temperature sensor F1T installed in the first freezing area had an average dis- 
tance of 1.35 m from the five closest freezing pipes, and the temperature sensor F2T in 
the second freezing area had an average distance of 0.87 m, which showed a higher freezing rate 
than FIT (Figure 4). Ground temperatures were measured through the temperature sensors at 
the dept of 21.5, 24.5, 28.5, 32.5, and 35.5 m. The depths of 21.5 m and 25.5 m were the upper 
and lower bound of the target freezing area, respectively. The sensor location of 21.5 m was in 
the silty clay layer, and those of 28.5, 32.5, and 35.5 m were in the lower silty sand layer. The 
sensor at 24.5 m was located at the interface between the silty clay and silty sand layer. 

The horizontal displacement of the diaphragm wall adjacent to the freezing area was meas- 
ured by an inclinometer installed inside the center of the diaphragm wall (Figure 5). After ini- 
tializing the probe reading, subsequent readings were performed by incrementally raising the 
probes to the top at 0.5 m intervals. The horizontal displacements of the diaphragm wall were 
determined by the difference between 0 and the subsequent readings (Stark & Choi, 2008), 
and periodically measured after the second freezing. 


è Freezing pipe 


@ Temperature sensor 
y —— 
(a) 


(b) Im 


(a) FIT sensor in the first freezing area (b) F2T sensor in the second freezing area 


Figure 4. Temperature sensors and the five closest freezing pipes. 
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Figure 5. (a) Location of inclinometer (b) Configuration of inclinometer. 
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4 RESULTS OF MONITORING 


Although the initial ground temperature at each location (approximately 23 °C) decreased 
sharply after the freezing operation (Figures 6 and 7), the heat transfer process exhibited dif- 
ferent tendencies according to the soil types. The silty clay layer (21.5 m depth) generally 
showed a tardy temperature drop compared with the lower silty sand layer (28.5, 32.5, and 
35.5 m), as shown in Figures 6b and 7b. This is because the thermal conductivity of clay is 
generally lower than that of sand. In addition, during a phase change from unfrozen to frozen 
conditions, the temperature drop was stagnant owing to the latent heat of pore water 
(Figures 6c and 7c). The silty clay layer presented more prolonged stagnation than the lower 
silty sand layer because of a higher water content in the silty clay layer. 

The distance from the freezing pipes is a critical factor to govern freezing rate in the heat 
transfer mechanism. The F2T sensor exhibited steeper temperature gradients because the aver- 
age distance from the nearest five freezing pipes was shorter than that of the FIT sensor. As 
illustrated in Figure 7b, the temperature slowly decreased owing to the influence of the first 
freezing, and thereafter, the temperature rapidly decreased when the second freezing started, 
which was steeper than the slope measured in the FIT sensor. Furthermore, the length of tem- 
perature stagnation at the FIT sensor was shorter than that at the F2T sensor, owing to the 
greater freezing rate. 

The horizontal displacement of the diaphragm wall is shown in Figure 8. No doubt at the 
early excavation stage inside the diaphragm wall, the excavation effect on the displacement 
was insignificant; instead, the effect of freezing expansion induced by the freezing operation 
was dominant. Before the red arrow indicated in Figure 8, the horizontal displacement of the 
diaphragm wall exhibited the maximum value near a depth of 25 m. This accounts for greater 
freezing expansion occurring in the silty clay layer owing to its higher water content and more 
ice-lenses occurring due to low permeability in comparison with the silty sand layer. 

However, after the red arrow, the effect of excavation activity was more significant on the 
diaphragm wall displacement. In addition, noticeable displacements occurred above the freez- 
ing area, and the depth at occurring the maximum displacement was suddenly changed from 
25 m to 18 m deep. Meanwhile, as the frozen zone grew over time, the displacement at the 
freezing depth also continued to increase. 
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Figure 6. Temperature measured by F1T during construction. 


2158 


+-first freezing operation —F2T-21.5m 


Temperature (°C) 


Figure 7. 


Figure 8. 


«second freezing operation —F2T-24.5 m 
—F2T-28.5 m 
—F2T-32.5m 
—F2T-35.5m 


50 100 150 200 250 300 350 
Time (day) 


ee cli 


ston (O) 


25 30 35 40 45 
Time (day) 


Temperature (°C) 
no 


35 40 45 50 55 60 


Temperature measured by F2T during construction. 


10 30 
Horizontal displacement (mm) 


50 70 


Deformation of diaphragm wall over the construction period. 


2159 


5 CONCLUSIONS 


A case study was conducted on a shield tunnel restoration project, where applied the AGF 
method near the Nakdong River. The AGF method was adopted as an auxiliary construction 
method to connect the box structures inside the excavated zones to the intact tunnel sections. 
The in-situ ground temperature and the horizontal displacement of the diaphragm wall were 
monitored and analyzed during the freezing and excavation processes. 

Soil types and water content influenced the ground temperature distribution. Because clay 
has lower thermal conductivity than sand, freezing in the silty clay layer took longer time than 
the silty sand layer. In addition, the greater the water content in the ground, the greater the 
latent heat, and the longer the temperature stagnation time during the phase change. 

The distance from the freezing pipes is a critical factor to govern freezing rate. The shorter 
the distance from the freezing pipes, the greater the freezing rate, resulting in a faster tempera- 
ture drop. In addition, the temperature stagnation time was shortened. 

The horizontal displacement of the diaphragm walls was simultaneously caused by the freezing 
expansion and deep excavation in the diaphragm wall. However, at the early excavation stage, the 
effect of freezing expansion induced by the freezing operation was dominant. On the other hand, 
the effect of excavation activity became more significant as the excavation proceeded. 
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ABSTRACT: The Musaimeer pump station and outfall project located in Doha (Qatar) was 
required to construct a long outfall tunnel using an Earth Pressure Balance (EPB) Tunnel 
Boring Machine (TBM) with a segmental lining. This tunnel had only one access point located 
at the launch shaft and was driven directly out from the shoreline, and connecting to a diffuser 
bed located 10.2 km offshore. The TBM cutter head was designed and equipped with both soft 
ground scrappers and hard ground cutter discs (Single, Twin and Double). The performance of 
any TBM can be influenced by many individual factors or combination of factors; perhaps the 
most significant of these factors is the performance of the cutting tools on the cutterhead. This 
paper will detail the two different specifications of hard ground cutters used and their individual 
performance and the impact of tribocorrosion on each type of cutter. The project had to carry 
out cutterhead interventions at full hydrostatic pressure (3.5 Bar) due to the extensive fractures 
in the seabed strata. The experience gained will be explained and the result was the changing of 
only 105 hard ground cutters during two years of tunnelling. 


1 INTRODUCTION 


The Musaimeer Pump station and outfall project is located directly south of the Hamad Inter- 
national Airport in Doha, Qatar. The project is owned by Ashghal (Public Works Authority) 
and is designed to receive both ground and storm water from 270 km? of southern Doha. The 
outfall tunnel extends 10.2 km offshore from the pump station, and connects via a riser shaft to 
a diffuser field. This allows the safe and environmentally compliant discharging of storm and 
ground water flows into the Gulf. The discharging shall be performed through a vertical riser 
shaft and a marine outfall diffuser field. Figure 1 shows the project location. 


2 GEOLOGICAL CONDITIONS 


The geological formations of the Qatar Peninsula are entirely Tertiary to Quaternary in age. 
During this period, the Lower Eocene Rus Formation (Er) consisted of soft limestone, dolomitic 
limestone, chalky limestone and gypsum, anhydrite, and marl/shale, which were all deposited. 

During the Lower-Middle Eocene, the Lower Dammam Sub Formation (consisting of the 
Dukhan Alveolina Limestone, Midra Shale and Fhaihil Velates Limestone) and the Upper 
Dammam Sub-formation (consisting of the Simsima and Abarug Limestone members) of the 
Dammam Formation were deposited. Through the passage of time these rocks have under- 
gone weathering, fracturing, alteration, karstification and recrystallization. Overlying the 
above is a thin layer of sandy Quaternary Deposits. 
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This investigation data was combined on a long geotechnical profile and become the basis 
for selection of the selection of TBM and tunnel segmental lining type. Figure 2 shows the 
geological profile. 


Figure 1. Project location. 


The tunnel alignment passed through the three different rock masses commonly encoun- 
tered in Qatar’s Peninsula: 


e Rus Formation (RF); 

e Midra Shale (MS); and 

e Simsima Limestone (SL). Highly Weathered Simsima Limestone (HWSL), Moderately 
Weathered Simsima Limestone (MWSL), Slightly Weathered Simsima Limestone (SWSL) 
and Simsima Limestone (SL). 
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Figure 2. Outfall tunnel geotechnical profile. 


Rus formation can be described as very weak to weak, light brown fine-grained limestone 
interbedded with very weak light greenish-grey siltstone with occasional veins and nodules of 
gypsum and some solutions vugs. 

Midra Shale is a very weak to weak yellowish-brown fine-grained shale interbedded with 
weak to medium-strong white to light grey limestone with occasional nodules of gypsum. 

Simsima Limestone is weak to medium-strong light grey to white, fine-grained dolomitic 
limestone with few solutions vugs and occasionally nodules of gypsum. 


3 TBM AND CUTTERHEAD OVERVIEW 


Based on the geological and geotechnical parameters available along the 10.2 km of subsea 
tunnel alignment and with previous project experience accumulated in the State of Qatar, the 
EPB TBM was selected with a maximum working pressure of 4.5 bar. The cutter head of 
4.42 m diameter and 26 % opening ratio is equipped with 4 central twin disc cutters, 10 double 
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disc cutters monobloc, 5 single disc cutters being all being 17 inch, 8-gauge scrapers, 28 scrap- 
pers and 17 drag bits The general layout of the cutterhead and the location(track) of the vari- 
ous cutter tools are shown in Figure 3. 

In addition, the cutter head had 3 ports for foam, | port for bentonite, 2 wear detectors, 4 
mixing ports, and 1 copy cutter of 20 mm. The general layout of the cutter head is shown in 
Figure 3 along with the tracks of the various cutterhead tools. The TBM installed a precast con- 
crete universal segmental ring consisting of 6 segments and a key, with and installed length of 
1.35 m. The TBM installed a total of 7.813 concrete rings, in the two-year construction 
programme. 


= 


e 
Vess¥Paseegegetsaeaa 


3 
2822 2 22 


od 


i 
l 
| 


Cutterhead layout Tracks of the cutterhead tools 


Figure 3. General Cutterhead layout. 


3.1 Cutter head interventions 


A total of 38 cutterhead interventions were performed during the excavation of the outfall 
tunnel, from February 2019 to February 2021. 36 were under atmospheric conditions and 2 
were under hyperbaric conditions, replacing 105 cutters, 19 scrappers, and 14-gauge scrapers. 
Figure 4 details the numbers of cutters replaced per intervention with the geological formations 
and water pressure conditions. The type and number of cutters changed at each intervention are 
shown above the tunnel ring number on the bottom horizontal axis. The different shading starts 
for central twin cutters, then double cutters and finally single cutters. The axis on the lefthand 
side of Figure 4 represents the number of cutters changed per intervention whilst the axis on the 
right hand side is the cumulative cutters changed over the full length of the tunnel. 
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Figure 4. Cutter change details per interventions. 


Out of 36 cutter head interventions carried out in atmospheric conditions, 25 interventions 
required the replacement of cutting tools whilst in the remaining 11 interventions did not 
require cutting tool replacements, but was related to clogging issues in the cutter head, inspec- 
tion of the main bearing bolts, maintenance of soil conditioning lines, replacement of 
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electronic sensors and evaluation of water inflow while the TBM was approaching the riser 
shaft, and while passing through under the riser shaft. 


3.2 Hyperbaric intervention 


Following the recommendations as per Guide to the Work in Compressed Air Regulations 
1996, and in order to be ready in the event of cutterhead intervention in hyperbaric conditions, 
a specialist compressed air contractor was appointed with specialist operatives and equipment 
being available on site 24/7. These services included: an appointed doctor, hyperbaric interven- 
tion supervisor, divers, personnel lock operators, medical lock and operators, nurses, and 
a portable fully equipped clinic. The Public Health system in the State of Qatar was notified 
of the hyperbaric intervention 24 hours in advance. 

Starting in January 2020, the metal detector alarm was triggered by debris from a cutter 
after 283 rings. The analysis of the debris encountered indicated that to continue excavation, 
the screw conveyer should be placed on risk. The decision to perform cutterhead intervention 
in hyperbaric conditions was taken and the preparation works started. However, during the 
preparation work the pressure encountered was not stable, and it was concluded that there 
was air loss through the rock mass. The issues and the associated risk evaluated and the deci- 
sion to perform grouting works as rock mass improvement were taken. 

During probe drilling activities through the shield of the TBM there were several difficulties 
encountered; namely, the time needed, but most critical, the risk of a break to the rod between 
the shield and rock mass, which could lead to blocking and hindering the movement of the 
TBM. In addition, the permeability and porosity were high in the rock mass which could allow 
the planned grout to travel around the shield and block the TBM. The grouting works were 
discarded in favour of the cutterhead intervention in more suitable ground conditions. 

The TBM continued excavation under detailed monitoring condition to avoid damages on 
other cutting tools and screw conveyor with the intention of finding better rock mass condi- 
tions that allow work in compressed air conditions. 

To reduce and control the air losses, bentonite was used. However, difficulties were 
observed due to the interface between bentonite, limestone, and water under high pressure 
resulting in difficulty establishing the stability of a bentonite cake on the face. After several 
trials with different bentonite compositions, a good bentonite cake was achieved after 12 
hours in the excavation chambers. 

Diving crews of 2 divers each were established to each work in a cycle of 2 hours working 
under 3.5 bar compressed air conditions and 3 hours in decompression as dictated in the 
COMEX diving tables. 

A total of 35 individual hyperbaric interventions were performed at this location of which 26 
were successful whilst 9 were unsuccessful due to high air losses. Figure 5 contains a sample of 
the problems observed during the intervention, including clogging and disintegrated cutters. 


Clogging Clogging Disintegrated cutter 


Figure 5. Cutter change details. 


The next cutterhead intervention decision came after excavating 818 rings from the last cut- 
terhead intervention in full hydrostatic conditions of 3.5 bar, with the aim of avoiding another 
3.5 hyperbaric intervention. This intervention was carried out in May 2020 in atmospheric 
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conditions where 19 cutters, 7 scrappers and 7-gauge scrapers were replaced. During this inter- 
vention, the screw conveyor gates were replaced due excessive wearing problems. 


4 CUTTERS GEOMETRY AND MATERIAL CHARACTERISTICS 


At the commencement of excavation HRC 56 type cutters were installed on the TBM 
cutterhead. These cutting tools, especially the cutters, were having a medium carbon 
alloy composition based on C, Cr, Mo for the body of the cutter while for the disc was 
based on C, Cr, Mo, V. The forging, rolling and heat treatment is not available from 
the cutter manufacturer. HRC 56 type cutters were solely used up to ring 2,100. At this 
point analysis of the failures, in particular to the center cutters, prompted a review of 
the type (geometry and material). Up to this point no cutters had been changed due to 
normal wear, all cutters had been changed due to a failure of one kind or another. The 
review resulted in the trial of a second type of cutter assembly, namely HRC 52. The 
main reason for this was to try and improve the ductility behaviour and attempt to 
reduce the cutter failures in general and the center cutters in particular. 

From tunnel ring 2,100 both types of cutter disc configuration were used on the cutterhead. 
This was intentional with the aim to try and assess the performance and ascertain if one type 
performed better than the other. Although detailed record keeping was obtained on the type 
and reason for all cutter assembly changes, there was not clear evidence that either HRC 56 or 
HRC 52 out-performed one other. Therefore, further analysis discussed in this paper treats 
the cutter changes and failures has though they are a single type. 


5 ANALYSIS OF CUTTER FAILURES 


A total of 105 cutters have been replaced during the excavation of the outfall tunnel and the 
distribution according to the type and location of cutter. Although this was below what was 
expected and planned for, the mode of failures was unusual and was investigated thoroughly 
from the start of tunnelling. 

Examples of the types of failures observed throughout the tunnelling operation are illus- 
trated in Figure 6. It can be seen that there was one failure mode not observed and that was 
normal wear of the cutters, even in the gauge cutter location. 


as 
Cracks/cracked (C) 


Destroyed/ Disintegrated (D) Broken perpendicular to the 
shaft (BPA) 


Figure 6. Type of failures of the cutters. 
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The statistical analysis carried out over the 105 damaged cutters is summarized in Table 1. 
It shows the prevalence of cracking as the main mode of failure. Most of crack failures 
occurred on the center cutters with 78% and 74% in the case of single cutters. In the case of 
face cutters, the issues related to cracks were much lower in number with only 9%. The cause 
of these type of damages is directly connected to fatigue scenarios from different sources like 
cycling loading of the cutters, wear and corrosion among others. 


Table 1. Cutter failure by category. 


Damaged cutters Damage cutter by type of failure 
Type of cutter Quantity Quantity (%) C(%) CH(%) BD% D(%) BPA (%) 
Center cutter 32 30.5 78 0 6 16 0 
Face cutter 54 51.4 9 26 15 15 35 
Single cutter 19 18.1 74 21 5 0 0 


Global Damages statistics 
General (%) 42 17 10 12 18 


All failures were collected and subjected to further analysis. Moreover, as per Figure 7, two 
examples show the extent of fatigue failure which can be related to a local change of load over the 
cutter probably due to impact associated with the mixed face conditions that were encountered. 

The failure mode of chippings which represented 26% in the case of face cutters and 21% in 
the case of single cutters are due to the debris from adjacent cutters, impacting the cutters 
before exiting the cutterhead via the screw conveyor. To minimize these issues the TBM was 
equipped with 2 metal detectors along the conveyor belt. The TBM crews were trained to 
respond to the alarms of the metal detectors and discovery of debris by performing 
a cutterhead intervention as soon as possible after the metal detector was triggered. 

Regarding the remaining failure modes of bearing damaged, cutter destroyed and cutter broke 
perpendicular to the axis, the visual inspections pointed to the cause of the damage has 
a combination of fatigue, presence of manufacture defects, combination of corrosion and steel 
wear known has tribocorrosion. 


5.1 Tribocorrosion 


Visual inspection of the cutter discs failures changed during the second intervention in hyper- 
baric conditions resulted in the pitting phenomenon being observed on the surface of the 
entire cutter assembly. The same phenomenon was observed on subsequent cutter replacement 
during the cutter head intervention done in May 2020. Figure 7 contains the photos of several 
cutter assembles changed clearly showing the pitting damages on the body of the cuter and the 
cutter disc surface. 


Figure 7. Cutter failures showing Tribocorrosion and fatigue failures. 


Considering the geotechnical conditions, the ground water (saline direct from the sea), EPB 
pressure and soil conditioning, indicates that cavities on the surface steel of the cutter are 
a direct consequence of corrosion. All these constituents are contusive to the type of corrosion 
being directly connected with tribocorrision which is the deterioration process of materials, in 
this case alloy steel, due simultaneous effects of wear and corrosion. 
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In these tunneling conditions, especially the combined actions of abrasion on the cutters 
while rolling against the rock and the mineralogy and chemical composition of the rock, gen- 
erated the phenomenon of tribocorrosion developing on the cutter assemblies, in some cases 
after exposure to the tunnelling conditions for only 8 weeks. 

The tribocorrison effects occurred over the tunnel alignment from tunnel ring 1,835 to the 
end of the tunnel and particularly when the TBM was working under hyperbaric conditions 
and in direct contact with saline water from the sea. In total, 4 twin cutters, 16 face cutters 
and 9 single cutters were damaged by tribocorrosion and replaced accordingly. The presence 
of tribocorrison itself was not the main reason for the cutter failure and or the decision to 
change but was a major accelerant to the other forms of failures observed, to such an event 
that all cutters changed were not due to normal wear. 


6 CUTTER FAILURES IN RELATION TO GEOLOGOCAL CONDITIONS 


Further analysis was carried out from geological formation point of view, the TBM excavated 
through 7 distinct geological zones with different geotechnical behavior. The zones were: 


e Rus Formation (RF); 

e Rus Formation and Midra Shale (RF+MS); 

e Midra Shale (MS); 

e Midra Shale and Simsima Limestone (MS+SL); and 

e Simsima Limestone (SL) with EPB pressures low and high (LP, HP) respectively. 


Table 1 presents the data for the cutter life data compared to the geological zones exca- 
vated, showing that by far the most challenging geological conditions being the mixed ground 
conditions i.e. a combination of Rus Formation and Midra Shale. 

The TBM was excavating under full hydrostatics conditions up to 3.5 bar for 1.6 km with 
cutter life of 1,691 m3 per cutter. This was considered a good average in comparison with pre- 
vious records in similar conditions within Qatar, which was around 600 m3 per cutter. This 
value was opposite to the general mechanized tunnelling rule, this being that the higher the 
pressure is, the lower the life of cutter, provided all renaming parameters are the same. 

To maintain the higher-than-expected cutter life rates above, the TBM team decided to 
operate the TBM more conservatively to preserve the life of cutter and avoid wherever pos- 
sible interventions in hyperbaric conditions. Figure 8 illustrates the key parameters of penetra- 
tion measured in millimeters advanced per revolution of the cutterhead. The TBM was 
operated at low penetration rates to extend the life of cutters as much as possible. Figure 8 
illustrates that the optimum performance was achieved at an average penetration rate of 
10 mm/revolution, from ring 4000 (Last major hyperbaric intervention) onwards. The graph 
shows the consistency and this section equates to 60% of the tunnel excavation being achieved 
with a cutter life of approximately 1400 m?/cutter. 


Figure 8. TBM penetration rate parameter. 


Figure 9 illustrates the exact data for cutter disc life with the 7 different geological zones. 
The data shows that the Simsima Limestone with low groundwater pressure exhibits the best 
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results on a long terms basis for cutter life (rate of tunnel rings per cutter), on average 93.9 
tunnel rings per cutter changed. However, in high pressure Simsima Limestone, cutter life 
reduces to 41.6 tunnel rings per cutter changed. Overall, the averages of cutter disc life are 77 
tunnel rings per cutter. 


Figure 9. Cutter disc life in different ground conditions. 


7 CONCLUSIONS 


All of the cutterhead interventions (38 No) carried out under the Arabian Gulf were per- 
formed safely, and two interventions in hyperbaric conditions up to 3.5 bar. This is the highest 
pressure for any cutterhead intervention carried out in Qatar. 

The two different types of cutters (geometry and material of the cutter used) did not show 
important improvement in terms of cutter life, and during the project execution it was not pos- 
sible to notice the difference either in the type of cutter failures or of life of cutters. No cutter 
was changed due to normal wear 

Tribocorrosion has been recognized as the cause of probable acceleration of the various 
types of cutter failure and connected with the presence of saline water from the Arabian Gulf 
though the Simsima limestone formation. 

Mixed face conditions of Midra shale formation in combination with Rus Formation and 
Simsima Limestone are the primary cause of the shorter life of the cutter and several events of 
cutter head clogging issues. 

The decision to operate the TBM conservatively to extend the life of cutter to avoid cutter- 
head interventions even if it were to penalize production was correct. 

In general, the life of cutter used was higher around 75 to 100% than expected based on the 
experience from similar projects in Qatar. 

Aside of the rock mass conditions, cutters, cutterhead design, soil conditioning among 
other, in MPSO the key role was played by controlling and adjusting the penetration rates. 
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ABSTRACT: Zhinvali HPP is one of the most important water supply schemes for Tbilisi 
city. It was commissioned in 1985 and after almost 30 years some rehabilitation works for its 
8.8 km long tailrace were considered necessary to ensure its service continuity. 

The visual inspection along the tunnel showed a relevant widespread damaging state of the 
lining, with risk of structural instability in some stretches. 

A sustainable decision-making process was implemented to address a short and a long-term 
rehabilitation plan. The main constraint for the planning, design and works was the limited 
tunnel outage for maintenance in order not to interrupt the activities of the plant for more than 
one month per year. 

A multistage investigation program was developed to acquire knowledge of tunnel layout 
and of concrete lining features and to analyse the reasons of the tunnel damaging state. In the 
short-term planning, damages have been scanned and a priority actions list was drawn up, to 
ensure the tunnel functioning after outage period in the most damaged zones. 

Since 2014 up to 2020 a rehabilitation plan was implemented yearly. Despite of all the con- 
straints imposed for the execution of inspections, investigations and works, the operations suc- 
cessful restored the damaged zones of the tunnel, although new damages have been detected 
during the latest inspection. 

All the data collected over time contributed to have a considerable background on tunnel con- 
ditions and to identify their sources. Considering that a short-term approach could only restore 
the tunnel functionality without eliminating the source of damaging, a long-term concept was 
then proposed. It consisted in a large-scale rehabilitation works to improve the hydraulic perform- 
ance of the tunnel, reaching the original design capacity and steady operation conditions. 

This paper will address and detail all the inspection and design activities carried out for this 
project. 


1 INTRODUCTION 


The Zhinvali hydropower and water supply complex was commissioned in 1985. The scheme 
includes a 102 m high earthfill dam, a low-level water intake, a spillway and low-level outlet, 
an underground powerhouse, an 8.8 km long free flow tailrace tunnel, a forebay — Bodorna 
reservoir and a 36.7 km long free flow tunnel for water supply of the city of Tbilisi. 

Storage capacity of Zhinvali reservoir is 520 million m°, and the designed discharge of the 
power plant 120 m3/s, under a gross head of 156 m. An underground powerhouse cavern is 
located 100 m downstream of the dam toe, approx. 80 m below ground surface, with 4 Francis 
turbines 32.5 MW each, total 130 MW. 

As often happens for aged power plants, the Client, in order to guarantee and ensure the 
full operational conditions, has developed a permanent monitoring system, performed regular 
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investigations, and planned maintenance and rehabilitation works on the main structures and 
appurtenances over last decade. 

The current article presents experience learned over the past decade during implementation 
of investigations, design and rehabilitation works, under specific and challenging constrains 
and time restrictions, with specific focus on the tailrace tunnel. 


2 STATUS OF THE TAILRACE TUNNEL 


Zhinvali HPP tailrace tunnel was constructed in 1985 by means of Shield Tunneling Method. 
Length of the tunnel was 8830 m, having a typical horseshoe shape (height of the tunnel 
5.2 m, width of the invert), in some sections circular, with an internal diameter of 5.2m and 
lined with reinforced concrete. According to the original drawings the thickness of the con- 
crete lining was, in average, 40cm. 

During construction works, due to unexpected and unforeseeable geological conditions the 
original shape changed in some segments, resulting in an overall layout unable to guarantee 
the designed outlet discharge in free flow conditions. 

The tunnel was originally set up to discharge 120m*/sec in free-flow conditions, whereas the 
current layout provides a maximum 65 m/sec outlet flow, in some segments still pressurized. 
The effects of such a different hydraulic regime have significantly and more rapidly deterior- 
ates the normal degradation rate of the lining and extended to the surrounding rock mass. 

The damage status, as detected during the round of inspections held on yearly basis from 2014 
to 2020, was mainly consisting of eroded lining, cracks, irregular lining surface, damaged and 
uneven invert (and somehow negative slope in short stretches), seepage through lining, cavity at 
lining sidewalls and crown, concrete honeycombs and, in some sections, partial crown collapsing. 

Not all the damages mentioned above were found on the first round of inspection as the 
damage status was updated yearly. 

Based on observations performed in 2014-2020, in general, the damage status was such as 
to guarantee somehow the functionality of the tunnel, limiting the maximum designed dis- 
charge potentially convoyed through it; nevertheless, in some cases, the damage mapping 
imposed a certain urgent rehabilitation works, not anymore delayable, as the case of the par- 
tial vault or lining collapse, occurred in 2018 and 2019.Despite the overall reasonable quality 
of the works performed over last decade, the potential influence of the damages on the short 
and mid-term structural stability and service of the tunnel should not be neglected and 
a decision making concerning the rehabilitation program was discussed and proposed to the 
client in order to make more effective the rehabilitation works. 


3 THE CHALLENGING “CONSTRAINS” OF THE REHABILITATION PROGRAM 


Zhinvali HPP is a main water supply scheme for Tbilisi, a 1.5 Mio populated city and the 
Capital of Georgia. 

As such, all the appurtenances of the hydropower plant cannot be outage for long and the 
tailrace tunnel is not an exception. One of the main constrains imposed for the rehabilitation 
program was the limited time to inspect and execute the works within the tunnel, established 
in one month, generally during May or June, excluding the time for the inspection, typically 
limited to 2-3 days per year, and performed in March-April (allowing the preparation of the 
design and procurement activities related to the remedial works). 

The other main constrain was linked to the layout of the tunnel and affecting the logistic of 
the works. The tunnel is particularly lengthy, and it is accessible only from four points: 


a) powerhouse transportation shaft, providing access through underground machine hall; 
b) small size transportation shaft at ch 35+00; 

c) small size transportation shaft at ch 65+00 

d) tunnel downstream portal. 
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Figure 1. Second access point: The shaft located at ch 35+00. 


Due to size and configuration of above access options (access through the machine hall is 
limited due to small size gallery, the second is 80 m depth equipped with a freight elevator but 
hardly accessible from the outside and the third is the same size of the second, but blocked and 
not accessible), only the access from the downstream portal was considered suitable for delivering 
and transportation of heavy machinery, the equipment and material required for works execution. 

Moreover, considering that most of damages were found along the first 3 km of the tunnel 
(from the second shaft toward upstream), equipment and material transportation was con- 
sidered one of the most time-consuming activities. 


Satt! 


Figure 2. Longitudinal profile of Zhinvali tailrace tunnel. 


Other “minor “constrains were considered the lack of a lighting system, which required the 
implementation of a dedicated system “on demand”, and the presence of flooded section of 
the tunnel that required preventively the dewatering prior to the beginning of the works, 
sometime permanently during implementation of works. 

In fact, due to the presence of counter sloped invert, some of the sections (Ch. 24+50, 26+00, 
28+00) were partially flooded up to 1 m water depth, and the dewatering of such segments were 
required to allow the carriage of equipment and material. 

The time required for dewatering activities and lighting system implementation was 
included in the total amount of time made available for the tunnel rehabilitation, which 
reduced even more the already limited time needed for work reparation. 

The challenging logistic, along with the limited time available for work execution, as well as 
the limited transversal section of the tunnel and the other minor constrains listed above, pre- 
vented the implementation of a large-scale work plan, as, for instance, could be the possibility 
of a full re-lining, even limited to short segments of the tunnel. 


4 REHABILITATION CONCEPT 


4.1 General 


The rehabilitation concept is based upon the experience gained in the 7 yearly inspections, 
design and supervision works. 
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The first inspection of Zhinvali Tailrace tunnel was performed by Stucky in March 2014. At 
that time, there was no systemized information about the damage degree of the tunnel and in 
which sections such a damage could endanger its operability. 

It was found that some of the damages could be repaired fast enough, but, in general, some 
defects could not be restored in short-term or, at least, not fully in the available limited time 
and funds yearly granted by Client. 

These defects represent one of the main sources of the issues, which seemed to be correlated 
to the age and quality of construction. 

Therefore, over the years, a multistage approach was developed, aimed to identify, from one 
side, the main sources of the damaging state of the tunnel, and, on the other side, develop a short 
and a long-term rehabilitation plan, which was implemented simultaneously, aimed to tackle with 
the deficiencies and damages detected during the yearly inspection and provide a final alternative 
to get the full efficiency of tunnel, also in a future prevision of capacity increasing of the power 
plant, with subsequent increase of discharge potentially convoyed through the tailrace tunnel. 


4.2 Short-term program 


Based on the status of the tunnel, due to a widespread state of damages and irregularities, the 
proposed short term rehabilitation concept considers carrying out a systematic and consistent 
rehabilitation, including investigations and monitoring. 

As previously mentioned, the inspection is foreseen generally to take place 2-3 months 
before the starting of the work activities, and it is carried out by walking from upstream all 
the way down to the downstream portal of the tunnel, keeping a log of all damages and 
defects detected during the survey. 

After the inspection, the data collected within the tunnel is analyzed and a program of pri- 
orities is listed. 

The analysis of data is bases mainly of a first visual inspection, which is far from simple due 
to the lack of a working lighting system and the presence of flooded sections. The data of 
damaging degree is recorded in two types of documents: 


°- Tunnel inspection table 
* Longitudinal profile damage mapping 


The first is a developed view of the tunnel, referred to stretches 50 m long, containing a mix of 
pictures and symbolic signs representing each single lining damage detected in a certain location. 

The latter is instead a global representation of all damages found over the years and rele- 
vant remedial measures implemented: 


Figure 3. Tunnel inspection table (left); Longitudinal profile damage mapping (right). 


Once the collection and analysis of data is finalized, a priority list of remedial works is 
issued, based on the type and degree of damage. 
The main damages and defects detected during the visual site survey are listed as follow: 
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e honeycombs and eroded concrete up to 15-30 cm of depth at sidewalls; 

e cavity in the tunnel lining vault (with visible surrounding soil/rock) and sidewalls; 
e localized vault collapse (extension of the cavity to a wider area); 

e locally eroded and uneven tunnel invert, which locally is counter sloped; 

* water inflows from the tunnel lining; 

e cracks of the tunnel lining vault and walls; 

e foreign matters left on the tunnel lining and muck accumulated at the invert. 


The highest priority is given to those damages which can, in the short term, jeopardize the 
functionality of the tunnel as linked to its stability, such as: vault collapse, cavities behind the 
lining, both at sidewall and crown, or presence of muck at the bottom of the invert, which 
reduce the discharge of may induce pressurized flow. 

The design of remedial works to be executed is complemented with the ones that can be 
easily and quickly executed, until the yearly budget is reached, according to the yearly Client’s 
financial availability. 

The implementation of works to be carried out for each year are summarized in a graphical 
form, as given below: 


essa tag » DAMAGED/IMPROPER INVERT » SEEPAGE IRREGULAR LINING = HONEYCOMB + VAULT DAMAGES 
REHABILITATION os ". nm seems nm amans m 
... . 
3100 3300 3500 3700 3900 4100 4300 4500 4700 4900 
Chainage [m] 


Figure 4. Status of damages before rehabilitation works performed in 2020 (design sections are marked 
in yellow). 


At this time is also defined a campaign of investigation needed to identify further damages 
and defects, only partially or not clearly visible, but assumed existing based upon the visual 
inspection, or to gather data not straight forward available during the site survey. 

The type of investigations required is, in general, planned to be carried out during the 
works, as most of them are time-consuming and not feasible during the inspection phase. 
Eventually, if the investigation plan is substantial, it can be split and part of it postponed to 
the next inspection phase, if time compatible. 

The sequence of the activities briefly described above is then repeated on yearly base. 

The type of investigation is not only based on the short-term need, but also include those 
aimed to provide data needed to implement potential alternatives in a long-term scenario. 

The main investigation activities achieved so far are the ones listed below: 


e Concrete lining sample laboratory tests on strength 

e Water tests of the aggressivity to concrete and reinforcement 

* Geoelectric tomography, Ultrasonic Ground and Penetrating Radar 
e 3D laser scanning 


The first type of investigation is finalized to estimate the uniaxial compressive strength of 
the concrete and estimate the attitude of concrete to be eroded: the finding is summarized in 
a graphical format as follow, showing, in average, a low performance of the concrete lining 
strength. 
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Concrete Core Laboratory Strength Tests 


Strength [MPa] 


Chalnage [m] 
Tunnel Wall Side (A=Right, B=Len) 


Figure 5. Uniaxial compressive strength results of concrete cores from ch 22+00 to ch 88.00. 


The outcomes of the chemical results on water seeping through the lining or coming from 
the basin did not provide any specific type of aggressiveness against the concrete lining. 

The results of Geoelectric tomography and GPR, is successfully implemented to assess the 
presence of cavities around the lining, that were discovered during the execution of works and 
fixed in case of big cavities, compatibly with the budget and time available to complement 
such a kind of work, evidently, not yet planned. 

In some cases, such an activity is postponed to the next maintenance work stage. 

The 3D Laser scanner, implemented in the half upstream segment of the tunnel is executed 
under the perspective to elaborate a potential alternative linked to the long-term strategy, 
which is discussed more widely in the next section. 

The short-term rehabilitation program foresees, in general, the implementation of the fol- 
lowing works: 


e Application of dry pack mortar or grout fill to fix honeycombs and eroded concrete, lining 
reconstruction in case of big eroded areas; 

e Contact grouting of cavities by means of high-density polyurethane resin, especially at the 
crown or upper sidewall of tunnel lining; concrete contact grouting of the cavities located 
close to the invert 

e Structural retrofitting of the collapsed vault or full relining 

e Demolition and reconstruction of the uneven invert 

* Polyurethane resin to seal lining against water inflows 

* Sealing of cracks by means of grout and resins 

e removal of foreign matters left on the tunnel lining and muck accumulated at the invert. 


Figure 6. Cavities grouting process (left, center); Sealing of crack by means of PUR (right). 
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Figure 7. Structural rehabilitation of a large lining erosion at the lower sidewall. 


Figure 8. Full relining. 


The effects of the short-term rehabilitation program shall be considered profitable, as they 
have allowed the tailrace tunnel to keep operational up to the present days. 

However, such approach cannot be reasonably indefinitely extended over the time, primar- 
ily due to the presence of time-constraints which are preventing from the execution of resolu- 
tive large-scale work activities, and the presence of defects correlated to the stage of 
construction that, unavoidably, cannot be solved in the yearly limited time and budget made 
available for such activities. 

Therefore, in parallel to short-term rehabilitation program a long-term strategy has been 
implemented to improve hydraulic performance and safe operation conditions of the tunnel. 


4.3 Long-term program 


In order to improve the hydraulic performance of the tunnel and reach original design capacity, 
as well as the willing to increase the reliability and safe operational conditions, the upgrade of 
Zhinvali HPP tailrace tunnel has been recommended as long-term rehabilitation concept. 
Four alternatives have been envisaged to meet the project targets. They are based either on 
a large-scale rehabilitation and upgrade of the existing tunnel or the excavation of a new tunnel: 
Al: Upgrade and rehabilitation of the existing tunnel 
A2: By-passing the stretch with a limited hydraulic capacity and rehabilitation of the rest of the 
tunnel 
A3: Construction of a new tunnel able to convoy the full design discharge (120 m?/s) 
A4: Construction of a new tunnel able to convoy a complementary discharge (70 m?/s) to 
the one currently flowing through the existing tunnel in free-flow conditions (65 m?/s). 
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Alternatives Al and A2, based on a re-utilization of the existing tunnel with increased capacity, 
are likely the most complex from a logistic, external constraints, and engineering perspective. 
Moreover, they are subject to higher risks during the construction stages due to the low quality of 
the existing tunnel lining, the challenging geological conditions along the selected tunnel align- 
ment, and the irregular tunnel geometry in terms sections, slopes, and general layout. 

Another risk, to be mentioned, is the potential impact of the works on existing infrastruc- 
ture since the tunnel is currently passing below two settlements: the works could have both 
temporary and permanent detrimental impacts on such urban clusters. 

Considering the above, two other alternatives (A3 and A4) are proposed. The first consists of 
a new tunnel capable to discharge the full hydraulic capacity (120m?/s) while the latter is based 
on the construction of a new tunnel, built to complement, and slightly increase the design 
hydraulic capacity, currently only partially convoyed by the existing tunnel under free-flow con- 
ditions (almost 65m?/s). The two tunnels would be able to convoy a cumulative discharge of 
135 m?/s, once the existing one is fully rehabilitated and operated as currently. 

This last alternative is financially not interesting considering the marginal difference of cost 
between a tunnel for the full capacity and the tunnel for partial capacity. 

Therefore, from the 4 alternatives analyzed, the alternative A3, which envisaged the construc- 
tion of a new tailrace tunnel, is to be considered as the best solution for the following reasons: 


e Risk mitigation, as the tunnel construction would not interfere with the existing urban clusters 

e Long term durability: once the construction of the new tunnel is completed, the existing 
one would be fully refurbished, keeping operational the hydropower plant. 

e Economical aspects: according to the type of refurbishing provided to the existing tunnel, 
the cumulative discharge which potentially could be convoyed by both tunnels would be 
higher than the sum of the outflow currently convoyed by the existing one and the new one, 
with a clear benefit of financial return, focused on the potential increase of the HPP 
hydraulic capacity. 

e Construction schedule: the construction of the new tunnel would proceed while the existing 
one remain operational 


5 CONCLUSIONS 


In the framework of the rehabilitation program of Zhinvali Tailrace tunnel, starting from 2014 
to 2022, a noticeable background on the type of works and scheduling phases for the design, 
execution and supervision of reparation activities to keep it full operative, has been acquired. 

The short-term approach, addressed to overcome the main damages detected during the 
yearly inspections, has been considered successfully, ensuring the tunnel operational over the 
time, despite the challenging constraints the work activities have been subjected to. 

The satisfactory status of the tunnel at the sections rehabilitated in the period under exam- 
ination 2014-2020, have confirmed the good quality of works in line with proposed short-term 
rehabilitation concept. 

However, based on the consolidated experience gained during this timeframe, its extension to 
a long-term period shall not be considered as an efficient solution, including high risks of major 
failure in operation and does not allow for an improvement of the hydraulic performance of the 
tunnel. 

In fact, there are some defects that cannot be restored in short-term or fully (at least not in 
the available time and funds granted by Client, which is limited to less than a month per year). 

These defects represent one of the main sources of the issues, which seems to be correlated 
to the age of construction and cannot be restored unless a radical improving, or a large-scale 
rehabilitation program, is adopted. 

Thus, in a long-term perspective, several options have been proposed to eliminate the con- 
struction defects at which no remedial measures, under the current boundary conditions, can be 
considered suitable. 

The implementation of option A3, which is assumed to be the optimal one, would guarantee 
the major benefit from both engineering and financial point of view. 
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ABSTRACT: Swelling may result in excessive pressure and deformation of support system of 
tunnels if it is not properly investigated by testing and not accounted for in construction and sup- 
port design. The Georgian Bay and Queenston Shales in Southern Ontario have been reported to 
have potential for swelling behavior. Swelling is driven by osmosis and diffusion processes that 
are originated from an outward salt concentration gradient from the rock pore fluid to the ambi- 
ent fluid. It is known that even when the outward salinity difference exists and water is accessible, 
swelling does not occur unless the confining stresses applied to a volume of shale is below the 
suppression stress threshold. It is also known that swelling rate decreases over time, and therefore 
the maximum swelling is expected to occur in the early days and months after swelling initiation 
rather than in years, but still swelling strain can increase to several times of the 1-year swelling 
strain over the lifetime of tunnelling projects. Various constitutive models have been proposed 
and used in numerical codes to capture time- and confinement- dependency of swelling. In this 
paper, these models are briefly reviewed and different aspects of design of tunnelling projects in 
Southern Ontario shale formations are discussed with a few examples of recent and old projects. 


1 INTRODUCTION 


Developing excavations in rock masses with swelling potential requires careful considerations 
as swelling can be triggered by release of confinement and exposure to fresh water. Georgian 
Bay and Queenston Shales in Southern Ontario, Canada, have been reported to have potential 
for swelling behavior. With developing new underground excavations every year and plans for 
extending the LRT in major cities, like OLS project in Toronto, the investigation of swelling 
behavior and its effect on excavation sequencing and support system is a critical design step. 

Over the years, researchers have been contributing to understanding the swelling behavior for 
projects in the Shales in Southern Ontario using laboratory tests and field observations. Over 
the past four decades, mathematical and numerical models have been developed. These models 
have strengths and limitations that should be cautiously taken into account. In this paper, these 
models are briefly reviewed and different aspects of design of tunnelling projects in Southern 
Ontario shale formations are discussed with a few examples of recent and old projects. 


2 ORIGIN OF SWELLING PHENOMENON AND ITS PREREQUISITES 
Swelling of the Shales in Southern Ontario is driven by osmosis and diffusion processes that 


are originated from an outward salt concentration gradient from the rock pore fluid to the 
ambient fluid. The diagram in Figure 1 summarizes the prerequisites for swelling initiation in 
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shaly rocks in Southern Ontario. It is known that even when the outward salinity difference 
exists and water is accessible, swelling does not occur unless the confining stresses applied to 
a volume of shale is below the suppression stress threshold. It is also known that swelling rate 
decreases over time, and therefore the maximum swelling is expected to occur in the early days 
and months after swelling initiation rather than in years, but still swelling strain can increase 
to several times of the 1-year swelling strain over the lifetime of the tunnelling projects. 


Figure 1. Prerequisites for swelling initiation in shaly rocks in Southern Ontario, Canada. The Swelling 
condition is noted by (S) and the three No-Swelling Conditions are noted by (NS Water), (NS Confine- 
ment) and (NS Salinity). 


As demonstrated in Figure 1, lack of any of outward salinity gradient, 3D unconfinement, 
or water accessibility prevents development of swelling. In other words, swelling occurs only if 
all these constituents are present. In the following, examples of cases are discussed where 
swelling initiation is triggered despite the initial lack of potential for swelling. 

No-Swelling Type Water (NS W) is when there is no or very limited access to water. So, even 
with reduction of 3D confinement and the potential existence of outward salinity gradient, 
swelling would not initiate. As soon as water is accessible, swelling may occur. An example of 
dry rock that gets access to water is when water is lowered during construction and restored 
afterwards. Another example of sudden water accessibility is when a tunnel is excavated in dry 
shale and water is channeled into the tunnel. Example of gradual water accessibility is when 
a hosting rock is immersed under a lake (human-made or glaciation). Blasting can help accessi- 
bility to water by introducing new hydraulic channels and ion exchange surfaces in the rock 
mass along the newly-formed fractures. Poor construction quality, such as poor blasting, may 
result in access to fresh water due to excessive damage introduced to the surrounding rock mass. 

No-Swelling Type Salinity (NS S) is when there is no or negligible outward salinity differ- 
ence between the pore fluid and the ambient fluid. So, even with reduction of 3D confinement 
and extra access to water, swelling would not initiate. As soon as an outward salinity differ- 
ence is introduced, swelling will occur. Example of such case is when fresh water replaces the 
ambient fluid by immersing the hosting rock in less saline water, or when ground water is 
replaced with less saline water by draining the tunnel. 

No-Swelling Type Confinement (NS C) is when there is a 3D stress state that confines the 
shale. So, even with extra access to fresh water, swelling would not initiate. As soon as stress 
is relieved, swelling will occur. Stress reduction can be either quick or gradual and happen in 
either monotonic or cyclic manners: 


* Quick and Monotonic: soil/rock/water removal by construction 

e Quick and Cyclic: tidal waves 

e Gradual and Monotonic: soil/rock/water removal by erosion, tectonic stress change, deglaciation 
e Gradual and Cyclic: water discharge and recharge behind a dam 
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The stress relief should occur in a 3D sense and swelling would not occur unless the 3D 
confining stresses applied to a volume of shale drop below a suppression stress threshold. The 
significance of this requirement is explained for the following cases: 


e In the natural setting of shaly formations, there is a critical depth below which swelling is 
completely suppressed. At every depth above this critical depth, swelling had occurred until 
an equilibrium state hah reached. In addition to the vertical gravitational stress, the hori- 
zontal stresses have suppression effect and therefore affect the critical depth as well as the 
amount of swelling occurred in the shallower depths. 

° Shallow excavation at the ground surface releases the vertical stress at the excavation bottom 
and horizontal lateral stresses at the walls. Stress state in the surrounding rock mass is dis- 
turbed in a specific distance from the excavation perimeter and the 3D confinement reaches its 
original in-situ condition beyond this distance. Without the presence of support system, swell- 
ing occurs in the zone of excavation influence until a new equilibrium state is reached. Excep- 
tions are the excavation corners where the concentrated compressive tangential stress acts to 
suppress swelling. Therefore, the lateral and tangential stresses induced around the excavation 
affect the depth and extent of the zones within the rockmass that experience swelling. 

e Around the underground excavations, the rock mass experiences radial unconfinement, 
while it experiences tangential compression/tension. Not all the rockmass would swell, as 
the radial stresses reach the original in-situ stress within a specific distance from the excava- 
tion perimeter. The induced tangential compression also acts to suppress swelling. There- 
fore, the radial and tangential stresses induced around the excavation affect the depth and 
extent of the zones within the rockmass that experience swelling. 

e The support system can help with suppressing swelling by sustaining/ adding radial/lateral 
confinement. This can be a gradual phenomenon when it is the development of swelling 
over time that gradually increases the pressure on the support system (e.g., concrete lining) 
which in turn confines the rockmass. Swelling may continue over months/years before the 
3D suppression stress threshold is reached and swelling stops. In most cases, the delayed 
installation of final support system helps with release of a considerable amount of swelling 
strain. The primary support system should be able to hold the integrity and stability of the 
excavation during the initial swelling phase. 


The possibility of the abovementioned scenarios should be carefully assessed in the early 
stages of design of new excavations. Also, the solutions for successful mitigation of swelling 
are directly associated with eliminating or diminishing any of the outward salinity gradient, 
3D unconfinement, or water accessibility. The interaction between the in-situ conditions and 
construction sequences should be assessed to determine how these three risk mitigation means 
can be used effectively and successfully. 


3 SWELLING MODELS 


Swelling behavior has two aspects of time-dependency and confinement-dependency, that can 
be formulated as: 


E= F(t,o) (1) 


where ż is time and ø is the stress state. These two aspects are investigated using various labora- 
tory tests including Free Swell Test (FST), Semi-Confined Swell Test (SCST), and Null Swell 
Test (NST). In FST and SCST, swelling strain is measured over time. In NST, swelling strain is 
prevented by constraining the sample axially and the magnitude of swelling-induced stress is 
measured over time. Shales have beddings and exhibit anisotropy. So, these tests are performed 
perpendicular or parallel to beddings, as noted in Table 1 with V and H, respectively. Note that 
these testing methods are not consistent with ISRM recommendations (Madsen 1999). A critical 
review on the existing methods was presented by Pimentel in 2015. 
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Table 1. Summary of common laboratory tests used for investigation/ characterization of swelling 
behavior. 


Direction of ~ with respect to bedding 


Swelling Test ~: Coring ~: Strain Measurement ~: Strain Measurement 
FST Perpendicular Axial (Perpendicular) Lateral (Parallel) - 

SCST V Perpendicular Axial (Perpendicular) - 

SCST H Parallel Axial (Parallel) - 

NST V Perpendicular Axial (Perpendicular) Axial (Perpendicular) 
NST H Parallel Axial (Parallel) Axial (Parallel) 


In swelling tests, the sample has access to fluid which can be fresh water, natural ambient fluid, 
or synthetic ambient fluid (which is chemically not far off the natural ambient fluid). As swelling 
is sensitive to the level of outward salinity gradient, the representative behavior is achieved when 
tests are conducted with a fluid that has salinity similar to what occurs at the project site. The 
higher is the salinity difference, the higher is the swelling strain/ pressure obtained during the test. 
Therefore, only if the rockmass has/ may have unlimited access to fresh water, use of fresh water 
should for the tests is justified. Otherwise, the results of the test conducted with fresh water over- 
estimate the potential swelling and adds unnecessary risk and cost to the project. 


3.1 Time-dependency 


Laboratory swelling test data show a linear increase in strain vs log of time as shown in Figure 2. 


‘Swell Strain (%) 


Bhapsed Teme (Days) 


Figure 2. A linear increase of swelling strain is observed per logarithm of time. The example belongs to 
a Free Swell test. 


Two of the models used for capturing time-dependency of swelling are: 


€= SP, (logt —log1) + €; = SP, logt+ €1,t #0 (2) 

ese, (se) (3) 

where €; is the swelling strain after one day. SP, is called swelling potential and is measured as: 
SP, = €100 — €10 (4) 

The limitation of the logarithmic function per (2) is that it does not pass through the origin. 
Compared to the exponential function, the logarithmic function is more representative of the 


long-term swelling behavior as it does not have an upper bound and it gives a linear increase 
in swelling strain per increase in the logarithmic of time: 
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OE 
—— = SP, 5 
Ologt (9) 


The main limitation of the exponential function is that it implies an upper bound €?. Also, 
it does not offer a linear increase in swelling strain per increase in the logarithmic of time: 


OE 


= ln 10 €? Apt, 4% 6 
dlogt Day ete (6) 


Considering the limitations of the logarithmic function, a new logarithmic function is pre- 
sented here that passes through the origin: 


E= Mm, log(mt + 1) (7) 
mı and m are the input parameters of the model. With this model, a very good fit to the 


laboratory test data is obtained, as shown in Figure 3, although the rate of strain per increase 
in logarithm of time is not constant: 


ôE — mmt (8) 
logt mt+1 
For a large enough time, the value of 0 € /(ôlog t) reaches a constant value given as: 
ðE 
= 9 
Ologt ad i 


2.5 


Swelling Strain (%) 


10 100 1000 
Elapsed Time (Days) 


Figure 3. The proposed logarithmic function accurately captures the trend of increase in strain per 
increase in logarithm of time. 


(7) can be rewritten as: 


= al [Tar w 


or in the normalized form as: 


PF hama = | igl (“Tor | 1 Ay 


P, is the Swelling Potential defined per (4). t>0 is the time at which we have €= SP,. Des- 
pite the pair of mı and m, the pair of SP, and t are physically meaningful parameters. The 
following relations exists between the pair of mı and m, and the pair of SP, and t: 
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Z i 12 
I0 = om4] (12) 


7 SP, 
~ Jog(100 — 7) — 1 


ue 10m +1 


> SP, = mı x tog 100 — Te — | (13) 

The requirement of m >0 defines an upper bound for ¢ as ¢<90. In general, both SP, and t 
can be confinement dependent. Assuming ź to be independent of confinement, the confinement- 
dependency is left to be captured via SP, and time-dependency of the normalized form per (11) is 
only influenced by ¢. The normalized form of the proposed logarithmic function (per (11)) helped 
developing a graphical method for evaluation of the required input parameters using laboratory 
test results that are conducted for a limited time (usually 100 days). This novel method will be 
described in a future publication. 

It should be noted that a lifetime is defined for every project, and therefore the main interest 
is evaluation of swelling strain throughout this lifetime. 100-120 years is a common lifetime 
for ordinary tunnelling projects in North America. This gives an upper bound for swelling 
strain that should be considered in numerical modelling. Consideration of this upper bound 
eliminates the main limitation of the exponential function for use in numerical modelling, as 
E% represents the upper bound value. 


3.2 3D Confinement-dependency 


In the models provided before per (2), (3), and (10), confinement-dependency of swelling can be 
captured via the parameters SP, and €”. Observed from SCST performed under various con- 
finement levels, confinement-dependency of swelling follows a logarithmic decay trend. How- 
ever, swelling is constrained by application of confinement whether the stress is applied 
perpendicular or tangential to the bedding; i.e., suppression is a multi-directional phenomenon. 
Explained here is an example of a model, where the logarithmic decay of €? (used in (3)) in 
perpendicular and tangential directions is defined as a function of 3D confinement as following: 


3 f(a) 
ee AS) = 
ae fo) 
C >) i 
in which: 
kap 
Slo) = oF + (on + on) (16) 
qt 
Kap Kap 


f (Gsup) = ap 


= + 2 17 
Kat Oq0p Kan Oq0t (17) 


Op, On, and o are the magnitudes of stress perpendicular and parallel to the bedding. oh"? is 
the value of axial stress that suppresses swelling in the uniaxially-confined SCST performed 
perpendicular to the bedding. oo, and o,o, are the needed input parameters and can take any 
value, as long as they satisfy (17). 

The confinement-dependency captured via (14) and (15) is multi-directional. The relation 
Slo) =f (Gsup) gives the multi-directional suppression criterion. This criterion implies 
a relation between c}? and o;~” (the values of axial stress that suppresses swelling in the 
uniaxially-confined SCST performed perpendicular and parallel to bedding, respectively) as: 
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usuj Kap u_sup 
a Kan =0; (18) 


Therefore, the ratio kgp/Kkq can evaluated from (18) by knowing the values of a,” and 
o,” evaluated from laboratory tests. 

The model explained above is available in PLAXIS and RS2. A few other models have also 
been proposed. Despite these models, the suppression effect of 3D confinement was ignored in 
the older models used in closed-form solutions (Hawlader et al. 2005), resulting in unnecessary 


overestimation of swelling displacement/load. 


4 EXAMPLES OF OLD AND RECENT PROJECTS 


4.1 The Heart Lake Road Tunnel 


The 1.68 km long storm sewer tunnel with the inside diameter of 2.74 to 3.05 m was constructed 
under four different contracts between 1973 and 1987 (Bennett et al. 2004). The lining of tunnel 
sections built between 1973 and 1975 was distressed and fractured. These sections include 
a 248 m long drill and blast segment and a 1050 m long segment TBM bored tunnel, as shown 
in Figure 4. Tunnel lining distress in the D&B section was documented as early as 1977, causing 
tension fracturing of the lining in the springline, spalling at the crown, and water seepage 
through the fractures. Signs of lining distress was later observed in the TBM section as well. 


DAK HEAD) 
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Figure 4. Longitudinal profile of the Heart Lake Road Tunnel along the tunnel alignment (Lo et al. 
1979). The sections are identified based on the construction method of drill and blast, boring, and cut 
and cover. The regions of ground removal are also shown. 


The sequence of construction has shown to have significant effect on lining distress (Bennett 
et al. 2004). The D&B section was first constructed from Manhole-X1 and faced major delays 
due to poor blasting that caused overbreaks of up to Im, roof failure, and excessive seepage. The 
final lining was unreinforced cast-in-place concrete which was generally performed 10 days after 
excavation. A year after completion of this section, the ground above the tunnel at the Heart 
Lake Road Tunnel was removed (see Figure 4). The work also included connecting a 1.2m sewer 
to the Heart Lake Tunnel. As the result of this construction work, the cover was reduced from 
12m to 1.5m over a 40m long section of the D&B tunnel. Also, ground was lowered to the spring- 
line of the tunnel in the D&B section (on both sides) to connect the storm sewer. The excavation 
then filled with rock spoil and granular material which then compacted in place. Over several 
decades, development of cracks in the lining of the TBM section were documented. Continuous 
cracking extended upstream from the D&B section where cracking was first initialized. 
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The following factors contributed the most to distress of lining in the D&B section: 


e Lowering the ground level increased Ko (that was already high) which on its own was suffi- 
cient to induce tensile stresses in the lining beyond the tensile strength of the unreinforced 
concrete lining 

e Lowering the ground level also released the confinement that had suppressed swelling in 
the rockmass surrounding the tunnel 

e Poor D&B that gave access to fresh water through the newly-formed fractures 

e Filling the excavation with granular material which facilitated access to fresh water 


In this project, all prerequisites of swelling initiation and development were available. The 
influence of confinement on suppression of swelling was neglected in the original design and con- 
struction sequencing, resulted in fracturing of the lining which later continued due to swelling. 


4.2 The Billy Bishop Tunnel 


The Billy Bishop Tunnel is an underground pedestrian tunnel for the Billy Bishop Toronto City 
Airport which is located on the Toronto Island in Lake Ontario. The 120m wide Western Gap 
Channel separates the island from the mainland. The 9.3m wide and 6m high tunnel connects 
the two shafts constructed in the mainland and the island. Mechanical excavation was used. The 
reinforced concrete lining was placed after excavation. All prerequisites for swelling initiation 
were available at the site. The closed-form solution (which ignores the suppression effect of 3D 
confinement) gave unrealistically high convergence values compared to the observed conver- 
gence (Hurt et al. 2014). Contrastingly, use of a constitutive model that considered 3D confine- 
ment-dependency of swellings gave realistic estimations of convergence as shown in Figure 5. 


Range of results from 
closed form method 


Sidewall deformation (mm) 
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8 8 


Results from numerical analysis 
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Figure 5. Drastically smaller deformations are obtained from numerical analysis compared to 
closed-form solution owing to the consideration of the 3D confinement effect on swelling suppression 
(Hurt et al. 2014). 


5 CONCLUSION 


The swelling of the shaly rocks in Southern Ontario has been a design challenge for develop- 
ment of underground excavations. The prerequisites for swelling initiation in these rocks are 
outward salinity gradient, 3D unconfinement, and water accessibility. Lack of any of these 
prevents development of swelling. The key is determination of the possibility of simultaneous 
existence of these conditions during construction and over the lifetime of the project. 

Once the possibility of swelling is confirmed, an appropriate constitutive model should be 
used for evaluation of swelling and performance of the support system. This swelling model 
should be able to capture both time- and 3D confinement- dependency of swelling. Represen- 
tative laboratory tests should be conducted, in which the influences of salinity and chemical 
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composition of the fluid used for the tests compared to the fluid that would be accessible at 
the project site are accurately accounted for. 

Based on the experience gained from the projects in Southern Ontario, it is the quality con- 
struction and appropriate excavation and support sequencing that promises successful devel- 
opment of excavations in rocks with swelling potential. 
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ABSTRACT: The objective of this article is to present some case studies of the construction 
of tunnels on the Durango — Mazatlan highway, which during the period between 2006 and 
2013 was built in the north of Mexico. This road is made up of 61 tunnels in a stretch of 
approximately 80 km in length and crosses the Sierra Madre Occidental, which is why this 
number of tunnels were considered and it was sought to comply with three important points: 
first, minimize the environmental impact of the area, second, avoid high-altitude cuts (greater 
than 30 m) and third, comply with the geometric specifications established in Mexico for 2 and 
4 lane roads. It is also important to mention and analyze that the Secretariat of Infrastructure, 
Communications and Transport (former SCT), used the experience of design and construction 
of road tunnels nationwide obtained over 26 years (1980 to 2003) and thus initially projected 
sixty-three tunnels on said highway, specifically in the El Salto — Concordia section (km 115 
to km 195). Another point to develop in this case study is that during the construction period of 
some of these tunnels there were various situations (failures), which forced changes and/or 
modifications in the geotechnical considerations assumed and, in the construction, procedures 
originally proposed during the project development stage. Finally, it is important to consider 
that this type of experience has contributed to the development of recommendations for the 
design and construction of tunnels; such is the case of the Manual published by the SCT in 
2016, without forgetting that it is still the responsibility of designers, supervisors, builders and 
government authorities to continue in the advancement and innovation of this issue to face new 
challenges, which contribute to improving the country’s infrastructure. 


1 INTRODUCTION 


The Secretariat of Infrastructure, Communications and Transport (SICT) (formerly Secretar- 
iat of Communications and Transport (SCT)) based on the experience gained during 26 years 
(1980 and 2006), in which only 16 road tunnels had been built throughout the country, decides 
to radically promote, between 2003 and 2007, The use of tunnels with a total of 104 projects 
carried out (through different private companies), (AMITOS, 2012) of which most are already 
built and in operation. 

Within this number of executive projects, there are the sixty-three tunnels that are part of the 
largest public work in the history of roads in Mexico, the Durango — Mazatlan Highway that 
crosses one of the most difficult and abrupt orographic parts of the Sierra Madre Occidental. 
Between 2006 and 2013, 61 tunnels were built of the 63 initially projected (specifically in the El 
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Salto — La Concordia section (km 115 and km 195)), of which 60 have lengths less than 
900 m and only 1 tunnel was longer, this being the case of “El Sinaloense”, with 2 799 m in 
length, In addition, this highway has 115 bridges and viaducts, highlighting the “Puente Baluarte” 
with 1 124 m in length (emblematic work of this highway and Guinness record as the highest 
cable-stayed bridge in the world in 2012 to have 402.6 m high). Below we will comment specific- 
ally on the cases found during the construction of five tunnels. 


2 PROJECT DESCRIPTION AND SUMMARY 


The Durango — Mazatlan highway is located in northwestern Mexico and is part of the Maza- 
tlan - Matamoros trunk corridor that connects the Pacific Ocean with the Gulf of Mexico, as 
shown in Figure 1. 
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Figure 1. General location. 


For the design of the tunnels on this road, the current SICT was taken as a criterion to 
avoid cuts with heights greater than 30 m and thus prevent considerable damage to the envir- 
onment, in addition to complying with the geometric specifications established for highways 
with two lanes of circulation (12 m crown width), except for the section from km 156+267 
to km 163+912 which has four lanes (21 m crown width). 

In most cases (53), the tunnels were designed with a crown width of 11.70 m (except for the 
Las Labores tunnel that presents 11.60 m) to accommodate 3 lanes of circulation of 3.50 m, 
starting the operation of the road with 2 lanes and leaving one free for future use (when traffic 
needs require it) The minimum excavation area in these cases was 114.78 m2. 

In the remaining eight tunnels, the width of the crown was e 20.40 m, they are considered 
for four lanes of 3.50 m, which enter service from the beginning of the operation of the high- 
way. In these last tunnels a central barrier was considered (to separate the directions of circu- 
lation) and the minimum excavation area in these cases was 201.66 m2. As shown in Figure 2. 

The construction procedure used in all tunnels was the conventional method of drilling, 
blasting and lagging; these are tunnels mostly built in rock, mainly with qualities of fair to 
very good, in general terms the procedure known as “conventional tunnelling” for excavation 
and construction of tunnels was followed, which is based on the measurement of the behavior 
of the tunnel (conventional excavation) as it is built, in order to adapt and/or modify the sup- 
port system as required. Finally, due to the geological-geotechnical characteristics of the area, 
in most tunnels, the final lining consisted of reinforced concrete. 
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Figure 2. Type sections used. a. for two lanes, b. Las Labores tunnel (2 lanes) and c. for four lanes. 


2.1 El Guineo tunnel 


This four-lane tunnel is located between km 158+984 and km 159+ 207 with a total length of 
219 m (includes false tunnels and excavated). On March 26, 2010, there was a collapse during 
the advance of the excavation that was carried out from the Mazatlán portal (exit portal), in 
which 29 m of excavated tunnel were lost. 

The distinct factors that caused this collapse were: 


e An unfavorable structural condition due to the presence of two geological faults in the 
excavation section (see Figure 3). 

e Poor vertical coverage (12.17 m) for a semicircular tunnel 21.14 m wide at its excavation 
stage (section area: 216 m°). During the construction process of the motorway, an access 
road was built that decreased the natural coverage of the tunnel (considered in the design), 
as shown in Figure 3. 

e Deficiencies in the timely placement of the primary support (anchors without confining fix- 
ation, timely remarking of space between excavation and frames on top, as well as deficien- 
cies in the supply of cast concrete). 


Figure 3. Factors that caused the collapse of the Guineo tunnel. 
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e The solution adopted was the open-pit re-excavation of the collapsed area, for a new 
frontal slope, cutting the tunnel excavated in its length, but lengthening the false tunnel of 
the portal to have the same length of project. Then it continued with the underground exca- 
vation with the use of explosives, applying cast concrete reinforced with metal fibers. Metal 
frames with IR 305 heavy profile of 96.7 kg/m were placed (see Figure 4). 


Systematic radial anchors were placed. With the frames and anchors already in place, the 
space between frames was filled with hydraulic concrete, until the vertical coverage conditions 
improved. The excavation procedure was changed to lateral pilot tunnels, retaining a central 
pillar, and supplemented by “squirrel cage” type anchors. Geological conditions remained 
constant throughout the tunnel, with a rocky massif formed by well-consolidated brechoid 
ignimbrites, cut by hypabisal dikes of andesitic porphyry and porphyry rhyolite, located on 
geological faults with longitudinal course along the entire length of the tunnel. 


Ext y on of the false tunnel 


aN 


Figure 4. Solution adopted after the collapse in the Guineo tunnel. 


2.2 Las Labores tunnel 


This two-lane tunnel starts at km 1 67+355 and ends at km 167+674 with a total length of 
315.75 m (includes false s tunnels and excavations). In the geotechnical research carried out at 
the project stage, it was interpreted that the excavation of the tunnel would be carried out in 
a rocky massif, formed by porphyry rhyolite of inferior quality (along the entire tunnel). 
Covering rhyolite were reported locally tuffs and rhyolitic gaps, and a very thin layer of slope 
deposits along the trace axis. However, during construction it was detected that the excavation 
would be carried out in soils and rock with hydrothermal alteration. 

On November 13, 2009 at the beginning of the excavation (in residual soil product of the 
hydrothermal decomposition of the rock) in the Durango portal (entrance portal) there was 
a collapse in the frontal slope and in the first 10 meters of excavation, because there was only 
a time of permanence without support of the excavation of 6 to 13 hours after the last advance 
so the support was I had to place more quickly. (see Figure 5) 

The established solution to repair the collapse was to place IPR 203.2 mm (8”) X 203.2 mm 
(8”) metal frames every 60 cm apart, straining the space between frames with hydraulic con- 
crete, until reaching the front of the excavation. Immediately steel props of tube steel of 
101.6 mm (4”) in diameter and ID 80 were placed between the natural terrain and the outer 
skid of the frames. Finally, the front slope was restored, filling on the frames with hydraulic 
concrete lightened with polystyrene blocks, as can be seen in Figure 6. Later the excavation 
was restarted with the same construction procedure, lateral pilot tunnels and central pillar. 

On July 19, 2010, another collapse occurred in the interior, in which material very affected 
by hydrothermal alteration was detected, inside which were packed large rocks, which when 
falling, made the last three metal frames fail, which completely obstructed the excavation 
front (see Figure 7a). With the latent possibility that the detachment would be further 
extended, and that a chimney could be formed to the surface, it was decided to make an inter- 
mediate window with open-pit excavation, up to the level of the tunnel floor, and then build 
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Figure 5. Collapsed area in the Las Labores tunnel. a. before collapse, b. after collapse. 


Figure 6. Solution made after the collapse in the Las Labores tunnel. a. Placement of steel struts, 
b. Lightening of the filling with polystyrene blocks. 


Figure 7. New collapsed zone in the Las Labores tunnel a Collapsed zone and b Solution adopted. 


a false tunnel, to give continuity to the excavated tunnel (initially projected). The window was 
only excavated around least coverage (see Figure 7a). 


2.3 Corte Alto tunnel 


This two-lane tunnel is located between km 172+246 and km 173+459 with a total length of 
213 m (includes false tunnels and excavated). At the beginning of the excavations for the 
Durango portal (entrance portal), cracks occurred in the upper part of the northern slope, and 
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a landslide of rock and soil of the order of more than 180,000 m°. The first investigations con- 
cluded that these cracks were the cause of the relocation of the route of the federal highway 
(MEX-040), approximately 62 years ago, leaving this section, under which the tunnel passes, 
abandoned. When the entrance portal was being excavated, the foot of the north block of the 
abandoned pit was removed, which caused the landslide to reactivate (see Figure 8). 


Figure 8. Slippage in the Corte Alto tunnel. a. Slipped area and b. Cracked zone. 


The solution adopted was to move the entrance portal to a point outside the influence of 
the fault plane, which involved cutting the length of the tunnel. The material resulting from 
the slippage was completely removed, and the re-excavation was projected leaving the fault 
plane as the final slope without damaging it, since it finally remained as a lateral slope. 
Finally, the false tunnel was lengthened and filled, to allow passage over one of the Santa 
Lucia junction slide roads (see Figure 9) 


Figure 9. Solution adopted in the Corte Alto tunnel. a. definitive slope (northern slope) and b. Final 
appearance of the tunnel. 


2.4 Pánuco Tunnel 


The Pánuco and Pánuco IJ tunnels were originally two independent projects, located at km 
185+260 to km 185+380 (L= 120 m) and km 185+555 to k 185+649 (L= 94 m) respectively, 
separated by a cut of dirt roads. The rock massif is formed by intensely fractured andesites, 
with numerous geological faults and intense hydrothermal alteration, which altered and 
replaced the original rock matrix. 

During the banking stage of the Pánuco tunnel, serious conditions of instability were mani- 
fested, with the formation of cracks on the slopes of the portal and inside the tunnel (see 
Figure 10a), up to 20 cm thick. Instrumentation data in the tunnel also indicated strong move- 
ments in the first 50 m of the tunnel. 
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On August 25, 2011, there was a collapse inside the Durango portal tunnel (entrance portal) 
that formed a chimney to the surface, and due to its proximity to the tunnel entrance, the 
front slope was also seriously damaged (Figure 10b). 


Figure 10. Problems presented in the Durango portal of the Pánuco tunnel. a. Cracks in the slope and 
b. collapse. 


The solution adopted was to re-excavate the entire portal, cutting the length of the tunnel, 
and placing the support again based on electro welded mesh, shotcrete, and friction anchors. 
However, the slopes remained unstable for a long time, with major falls that again obstructed 
the road. 

In the Mazatlan portal (exit portal) there were also important falls, at the intersection of the 
front slope with the left slope, hindering the passage along the road. One of them occurred on 
November 4, 2011, on the left slope, in the intermediate zone between the two tunnels, where 
the surface layer of slope deposit and the residual soil layer of the weathered rock, located in 
the upper part of the cut, were detached (Figure 1 1a). 

The solution was to build a false tunnel that included semicircular windows, a design that 
had not been used in road tunnels in our country (Figure 1 1b). 


Figure 11. Problems presented in the Durango portal of the Pánuco tunnel. a. Cracks in the slope and 
b. Solution adopted. 


3 RESULTS AND BENEFITS OBTAINED 
The Durango — Mazatlan highway (MEX-040D) corresponds to a toll road that was built to 


modernize the old federal highway (MEX-040) (toll-free, which was completed in 1960). With 
this new highway it was possible to go from a length of 305 km to 230 km and reduce the 
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travel time from 6 h to 2:30 h, which resulted in an optimization in the operating speed from 
30 km/h - 80 km/h to 90 km/h - 110 km/h. 


4 DIFFICULTIES ENCOUNTERED 


The main obstacle to overcome was the Sierra Madre Occidental, especially in an area of large 
mountains and deep ravines known as “El Espinazo del Diablo”, this area has quite complex 
geological and geotechnical characteristics. In addition to the natural aspects, it was necessary 
to consider at the time the integration of the design criteria, unification of the geometric sec- 
tions and the construction procedures of the tunnels. 


5 LESSONS LEARNED 


The learning in the construction of sixty-one road tunnels on the Durango — Mazatlan high- 
way was extensive, leaving important experiences among all those involved (designers, super- 
visors, builders, monitoring projects during construction and SICT authorities, among 
others). This led the SICT to publish in 2016 a manual for the design and construction of road 
tunnels. 

When there is a long period between the design and construction stages of the works, it is 
necessary to update the projects with the existing conditions at the time of construction (top- 
ography, geology, etc.), in the specific case of tunnels, it is important to involve design teams 
before starting the construction of the same and also provide follow-up until the operation 
stage. 

The better a site is planned and the more a site is studied with geotechnical investigations, 
the more appropriate for the execution of tunnel projects (and in general for any engineering 
work), uncertainties and problems during its construction will be significantly reduced, and 
consequently there will be a reduction in the cost of the works. 
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ABSTRACT: Construction of Kalbadevi Underground Metro Station of Mumbai Metro line 3 
is an engineering challenge on one hand and a potboiler mix of social complications on the other. 
The under-construction station is in the midst of dilapidated buildings on congested lanes. The 
construction site was home of residential and commercial buildings, a fish market and an old 
bazar. 12 structures were demolished for a later in-situ rehabilitation. All the Project Affected Per- 
sons would be resettled in the area back to preserve their livelihood and social connect under 
a unique scheme. The project faced challenges of land acquisition, rehabilitation of PAP’s and liti- 
gations in superior courts for likely construction induced impacts on the structural integrity of 
a 160-year old heritage structure of high religious importance of a minority community. On engin- 
eering front, the station has two rectangular portions being constructed by cut & cover method to 
accommodate vertical circulation. Two platforms on UP & DN line tracks and a central horizon- 
tal circulation is created in caverns done by Conventional Excavation. Because of the topograph- 
ical and logistical limitations, the alignment tunnels between adjoining stations for both UP & DN 
tracks were done by TBM’s and subsequently the lined tunnel widened by Conventional Excava- 
tion to create caverns to house the platforms and services. There were 131 structures in the Zone 
of Influence of the station box. Innovations were done in Blasting Design, to limit blast induced 
ground vibrations from propagating to the surrounding structures. Critical structures were sup- 
ported and repaired. Real-time monitoring was put in place. The station is now 61% complete. 
The paper would discuss in detail as to how these issues of both social and technical nature were 
successfully dealt to execute this station in a complicated urban setting. 


1 INTRODUCTION 


Mumbai Metro Line 3 (MML3), a 33.5km long corridor running along Colaba-Bandra- 
SEEPZ, aims at providing a Mass Rapid Transit System that would supplement the existing 
suburban railway system of Mumbai. This twin-tunnel underground corridor with twenty-seven 
stations will connect six business districts, thirty recreational facilities and domestic as well as 
international airport terminals and links South Mumbai to Central Mumbai. MML3 also has 
several interchanges with the Western Railway Suburban network and Mumbai Metro Line-1. 
The proposed Kalbadevi Metro station is located in the by-lanes of one of the busiest and 
oldest areas of South Mumbai. Construction of this station amidst highly congested traffic 
zones and in close proximity to dilapidated structures in a close-knit social fabric is a major 
challenge. Presence of a 160-year old Heritage structure, a place of worship for a minority 
community made the construction more complex. Twelve structures were delineated for demo- 
lition prior to the start of the construction activities with 218 Project Affected Persons (PAP’s) 
for a later in-situ rehabilitation. The Zone of Influence (ZOI) for the Kalbadevi station 


DOI: 10.1201/9781003348030-264 


2194 


encompassed 131 structures, which consists a mix of dilapidated and high-rises in close prox- 
imity to the station and conventional excavation. Pre-Construction Building Condition 
Survey (PCBCS) was conducted as per the Building Damage Classification after Burland et.al. 
(1977) and structures were assigned categories as shown in Table 1. 

Owners/Residents of the 14 structures denied permissions for the PCBCS. 


Table 1. Building classification. 


Number of Structures Category 

1 Heritage 

3 Very Severe 
41 Severe 

56 Moderate 
14 Slight 

1 Very Slight 
1 Negligible 


A four-stage protocol was put in place to reduce the risk of possible damage to the adjacent 
structures during the construction stage, which are as follows: 


1. Assessment of existing building condition and assigning allowable impact limits. 

2. Impact of the station and tunnel excavation to be within limits assigned to adjacent build- 
ing categories. 

3. Design and installation of protection and support measures wherever necessary 

4. Rigorous monitoring of structures until the time stable readings are obtained continuously 
for a period of three months after the construction stage. 


2 PROJECT LAYOUT 


Figure 1. Project layout. 
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3 IMPORTANCE OF KALBADEVI & SELECTION OF CONVENTIONAL 
EXCAVATION 


Kalbadevi Metro station (the locality is named after Goddess Kalbadevi) is one of the busiest 
and densely populated residential areas of South Mumbai. Kalbadevi Metro Station is 
expected to bring a new dimension to this area in the form of Public Transit leading to major 
changes in the urban environment of Kalbadevi precinct. The area is currently serviced by 
Marine Lines Station (0.5km) on the Western Line and Masjid Bunder Station (1.5km) on the 
Central Line. Kalbadevi Metro station shall provide direct access to some of the famous 
wholesale traditional markets in Mumbai. 

Limited space availability due to heavy traffic congestion and a high building density in the 
area was the main challenge for the proposed station to come up at this location. The primary 
task was to develop a design for the station in a way that minimal disturbances be imparted to 
the people living in the surrounding areas. The station box was therefore designed using 
a combination of the Cut & Cover and conventional methods. Two shafts - K1 and K2 
(Figure 2) were planned for vertical circulation and access to platforms created by widening of 
the bored tunnels through the central cavern and for housing station services. 
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Figure 2. Kalbadevi station layout. 


4 IN-SITU REHABILITATION OF PROJECT AFFECTED PERSONS 


On account of the very high density of structures and with no open tracts of land available for 
the construction of the upcoming Metro station, a bare minimum of 12 structures were identified 
to be demolished and despite difficulties, in-situ rehabilitation of the residential and commercial 
properties was worked out. Series of public hearings were conducted in order to convince the 
public (Figure 3). After some reluctance, locals agreed for the in-situ rehabilitation package. 


Figure 3. Public hearings conducted prior to acquisition of land in Kalbadevi. 


5 HERITAGE STRUCTURE & LITIGATION ARISING OUT OF IT 


A 160-year old Heritage structure of religious importance of a minority community was 
located above the bored UP Line tunnel due to which sentiments were frayed and litigations 
filed in the premier courts raising concerns for the likelihood of construction induced impacts 
on the structural integrity of the structure. Concerns were also raised for the anticipated draw- 
down of water level in the ‘sacred’ wells within their premises because of the tunnel boring 
and construction of the K1 shaft in close proximity. To accommodate the sentiments of 
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people, the tunnel alignment was horizontally shifted by 3m or so from the place of worship. 
In addition, precautionary measures were put in place to ensure the stability of the water 
levels. Recharge wells were made functional adjacent to the structures to ensure that water 
levels would remain stable during and after construction. Rigorous monitoring of the wells 
and Piezometers installed nearby was undertaken. The Heritage structure and design for the 
station box was reviewed by a third party renowned institute appointed by the Court. Blasting 
operations in the station box were not undertaken keeping in view the sentiments of the 
people living in the vicinity. 

An expert third party agency was deployed for blasting works for the conventional excava- 
tion. Blast induced vibrations were limited to 2.54mm/sec even though permissible limits by 
structural considerations were higher. An extensive monitoring regime including Real-time 
monitoring of dilapidated structures was diligently followed. 


6 CONSTRUCTION SEQUENCE 


During the initial phase of construction sequencing, excavation from the K1 and K2 shafts was 
considered the first activity. Conventional excavation was to start after the completion of the 
shafts up to the bored tunnel levels. As substantial time was lost due to delay in land acquisition, 
litigations in the courts and due to limitations of working in a congested area, a change in con- 
struction sequence for the conventional excavation was planned after brainstorming. It was thus 
decided to start excavation from within the bored tunnel by managing the activities in the limited 
space available due to the simultaneous ongoing tunnel boring by the TBM in the same tunnel. 


7 CHALLENGES 


7.1 Logistics 


Working out logistics (Figure 4) with ongoing boring of tunnel towards next reach and at the 
same time starting conventional excavation operations from within the bored tunnel was 
a challenge. 


‘Adit © opening 
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Figure 4. Logistic setup for initiating conventional tunneling from within the bored tunnel. 
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Segment removal was accomplished with coring and initially the rock was excavated with 
the help of splitters. Blasting operations were consequently taken up at the face of Adits to 
push through to the Central Cavern excavation. 


7.2 Extensive water ingress 


Bustling streets with traffic congestion and dilapidated structures in close proximity of the 
Shafts 1 & 2 at Kalbadevi posed a challenge right from initiation of the construction works. 
Limiting one way traffic and diversions onto traffic decking to create space for excavation 
was met with reluctance from the public in general. 

Secant piles were bored and excavation to a level of 7m from ground level with part soft 
made-up ground and the Alluvial was comparatively a smooth affair. As the excavation pro- 
ceeded to further depths, the layer of weathered basalt was encountered and heavy water 
ingress into the excavation started. The ground water table ranged approximately 6.5m to 7m 
with a seasonal raise of approximately 2m during rainy season. A prominent bulge in concrete 
of the secant piles was observed throughout the shafts | & 2 (Figure 5) and the water ingress 
was observed just below this abnormal bulge in concrete in the secant piles. 

Ingress into the excavation further delayed the progress but was countered with immediate 
grouting measures using Poly Urethane Grout and Cement grouting in combination with 
Sodium Silicate, which as an accelerator provided stability against gushing water. This ingress 
was observed in both the shaft excavations. Since water was drawn into the excavations at 
rates of approximately 200 liters per minute to 300 liters per minute, concern shifted to the 
structures in close proximity of the shafts. Extensive building monitoring with increased fre- 
quency was carried out and no adverse effects on any of the structures were recorded. 


Figure 5. Water ingress below the bulge in concrete. 


7.3 Hard rock excavation amidst space constraint 


As expected from the geotechnical investigations, the rock strata encountered was fresh, 
strong to very strong greyish basalt with compressive strength ranging from 100 MPa to 150 
MPa. This rock was massive in nature with some random joint sets. Excavation of K1 
(Figure 6) & K2 shafts (Figure 7) was a major challenge due to their location being in proxim- 
ity to a densely populated area amid dilapidated structures. Since blasting operations were out 
of consideration for these open to sky shafts due to topographical reasons, breakers were 
deployed for excavation. Drilling operations were undertaken for creating sockets to accom- 
modate the breaker and ease out breaking. A combination of drilling, breakers and splitters 
were used for successful breakage of the massive rock mass. 
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Figure 7. Shaft K2 - Bird’s eye view. 


Mucking operations were limited to the night shifts, as authorities would not permit plying of 
construction vehicles during the peak hours. Space availability was also limited for the storage of 
the excavated muck. Different permutations and combinations for excavation of the shafts, stor- 
age of excavated material at the surface and transportation of muck from site were applied to 
achieve the goal. 
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Excavation from within the bored tunnel was the biggest challenge in terms of logistics and 
blast induced vibrations being transmitted to the structures above the section undertaken by 
conventional method. Logistics were worked out as shown in Figure 4 above. Mucking oper- 
ations from the bored tunnel continued uninterrupted after the alignment of the track was 
shifted to accommodate the working platform for the Adits at three different locations. After 
initial hiccups, the system was lined up and smooth operations continued until completion. 

Controlled blasting was the only alternative available for a timely completion since conven- 
tional excavation with the help of a breaker was affecting the progress adversely. Blasting was 
therefore used exclusively for confined areas. Blasting design with line drilling, which involved 
a single row of closely spaced holes, was adopted. Line drilling was accomplished with 102mm 
diameter holes drilled 250mm apart thereby delineating the blast-induced vibration from trav- 
elling to the surrounding fresh rock, thus keeping the vibrations below the ascribed limits by 
the higher courts. Reamer holes of 102mm diameter totaling to five numbers were drilled to 
create an initial free face for the blast. Production holes of 32mm diameter were drilled in 
a ring pattern (Figure 8) and these rings were then blasted simultaneously for a better control 
over the blast-induced vibrations. 


Figure 8. Ring pattern for blasting. 


8 INSTRUMENTATION & MONITORING REGIME 


Besides the optimization of the blasting design and vibration control, activities of Instrumen- 
tation & Monitoring in the Zone of Influence of K1 & K2 Shafts was undertaken to monitor 
any adverse impacts of construction activities. Monitoring was carried out for vibrations, 
settlement, cracks and tilt besides monitoring of ground water level. 

Real-time monitoring for vibrations, tilt and 3-D deflections in prisms installed in structures 
in Kalbadevi formed an integral part of the Instrumentation regime. Rigorous monitoring for 
all structures was carried out with special emphasis on dilapidated structures and the Heritage 
structure of religious importance. Based on the analysis of the data recorded, it can be stated 
that the threshold limits have never breached. 


9 CONCLUSION 
Despite all odds and what seemed to be a colossal task, excavation for the Kalbadevi Metro 


station has been achieved successfully. Controlled blasting activities in the heart of Mumbai’s 
busiest market place was a tough ask but was achieved by specifying conservative PPV limits, 
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engaging professional sub-contractors and specialized third party institutions for blasting 
activities coupled with counteractive measures in the form of an extensive I&M regime. Cur- 
rent completion status of station at Kalbadevi is shown in Figure 9. 


Figure 9. Proposed Kalbadevi station on the verge of completion. 
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ABSTRACT: Underground constructions underneath roads in busy areas of urban city can 
bring out many unexpected challenges. One such challenge was faced by Delhi Metro Rail 
Corporation Ltd (DMRC) during construction of underground RCC box tunnel at Najafgarh 
area of Delhi urban city, where the adjacent buildings were as near as 1.5 m from the soldier 
piles line. During rains soil piping was observed in the thin area between building lines and 
soldier piles lines which caused excessive settlement in the ground resulting in formation of 
sink hole, partial collapse of the building, cracking and tilting in the buildings, damage of 
roads and utilities. An immediate technical solution was required. This paper highlights the 
case study of challenges and complications encountered during construction of underground 
RCC box tunnel on busy carriageway road with simultaneous instrumentation monitoring of 
adjacent building while maintaining smooth plying of traffic. 


1 INTRODUCTION 


The stretch from Dwarka-Dhansa Bus Stand Najafgarh Corridor also known as Grey Line of 
Delhi Metro Rail Corporation consists of a short metro network of 4.98 km of Delhi MRTS 
under Phase-III extension. A cross over tunnel 290 m long, 12.5 m wide and 7 m in height was 
to be constructed at the dead end of Dhansa Bus Stand underground metro station at approx. 
20m below the main carriageway road for train reversal. Being a busy area; the roads widths 
were irregular and were heavily encroached with shop owners, street hawkers, resident car 
parking, etc. The present case study describes the challenges faced in the construction of 
underground RCC box tunnel on the busy carriageway road of Najafgarh city of Delhi. The 
section of the RCC box tunnel is shown in Figure 1. 


2 GEOTECHNICAL INVESTIGATION 


The pre-construction geotechnical investigation of the area was carried out by means of drilled 
boreholes. The soil profile encountered along the alignment is broadly classified in the follow- 
ing layers: The top layer from ground level to 2 m is filled up soil, from 2-27 m soil ranging 
from Sandy Silt to Silty Sand (having ‘N’ Value in the range of 26 to 100) and a clay layer was 
encountered in the last 27-35 m below the ground level. The soil was non-plastic in nature and 
the friction angle varied from 31 to 34 deg. The grain size distribution indicated sand varying 
from 0 to 92%, silt varying from 6 to 88 % and clay varying from 0 to 70 % (in clayey strata). 
The ground water table was encountered at around 20m from existing ground level. 


DOI: 10.1201/9781003348030-265 


2202 


SECTION A-A 


TYP Ell CH S108, 48eM TO 5140M 
H 


Ga IAOW TOENEET 
SEALE 1:0 


Figure 1. Cross section of the tunnel box. 


3 CONSTRUCTION METHOD 


3.1 Selection of construction methodology 


Short tunnels can be constructed either using Cut & Cover Construction Method (Kaul, 2010) 
or by means of conventional tunnelling. Being a wide tunnel (12.5m width) and having rela- 
tively lower overburden cushion, conventional tunnelling was ruled out and Bottom-Up cut 
and cover construction method was adopted. 

Excavation shaft was constructed by means of installing temporary soldier piles with timber 
lagging for earth retainment @ 1.5m c/c spacing with the embedment depth of 25m from the 
ground level. There were 3 level horizontal strutting with 80T preloading on each strut to pre- 
vent lateral movement of installed soldier piles. 


3.2 Traffic management 


The construction was to be carried out in the middle of the main carriageway road which 
was irregular and encroached. Temporary road decking was installed to maintain simultan- 
eous plying of traffic and construction activities underneath it. The construction of cut & 
cover tunnel was divided into three parts; namely Zone A, Zone B and Zone C depending 
upon the availability of road width and construction of road decking. Zone A was the start- 
ing portion and consists of 40m in length. There was no road decking in this area. Zone 
B consist of the middle 81m portion. In this portion, the vehicles were plying partially on the 
existing road and were partially diverted on the installed steel road decking. In Zone C area, 
the road width was very narrow and therefore road decking was required for the entire 
width for movement of traffic. Zone C was the most congested area with buildings very 
close to the soldier pile line. 


4 SURFACE DRAINAGE SYSTEM 


For the drainage system of road; there were existing masonry storm water box drain run- 
ning parallel to main carriageway road on both sides. The stormwater drains were running 
just outside the building line especially in Zone C. From the stormwater drains the water 
was discharged (by gravitational flow) into the sump tank of existing water booster pump 
station situated at around 800m from the site (as the surrounding area was a low-lying 
area). The water from the sump tank was then pumped out through installed pumps and 
pipelines to the upstream Najafgarh Main Drain which was located at around 5 km from 
site 
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5 PRE-CONSTRUCTION BUILDING SURVEY AND INSTRUMENTATION 
MONITORING 


The adjacent buildings were very close to the construction area. The closest building was 
almost 1.5m from the edge of soldier piles in Zone C. Pre construction building survey was 
carried out for all the buildings falling in the influence zone. Based on the pre-construction 
building survey and the adopted methodology, instrumentation monitoring plan was finalized. 
Emphasis was given to good quality monitoring to avoid occurrence of any unforeseen situ- 
ation during the construction work. 

The adopted instrumentation for the Cut & Cover tunnel and the admissible control limits 
in accordance with the Building Protection Action Plan is shown in Table 1. The frequency of 
reading was recommended once in 24 hrs during the construction phase. The monitoring fre- 
quency was to be reviewed during a learning curve. 


Table 1. Details of instrumentation for the cut & cover tunnel. 
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6 CONSTRUCTION 


Being a space constraint project causing congestion to plying traffic especially in Zone 
C where the entire traffic was diverted on the road decking; the work was to be completed in 
a fast paced, time bound manner. Therefore, excavation was started both from Zone A and 
Zone C. Figure 2 shows the longitudinal section for the excavation sequence. The excavation 
work was completed in around 60-90 m of length in Zone C. 


TT * 


Longitudinal profile for soil excavation sequence 


Figure 2. Longitudinal section for the excavation sequence. 


2204 


6.1 Settlement incident 


The monsoon season in Delhi city started and one afternoon, there was a heavy rainfall at 
site. The adjacent storm water drains were overflowing and there was massive waterlogging 
on roads. The sump tank of the water booster station was flooded and was unable to pump 
out the excess water to the upstream Najafgarh main drain. This made the entire surrounding 
area fully waterlogged and there was water inside shops and residential spaces. 

Due to excessive flooding; there was a build-up of huge hydrostatic pressure upon the masonry 
drains as there was no escape to water resulting in collapse of drain running underneath the foot- 
path in South portion of Zone C. As the soldier piles were very near to the stormwater drain; the 
collapse of the drain led to the excessive discharge of water into the excavation shaft through the 
installed soldier piles and timber lagging. Water with high pressure was gushing into the excava- 
tion system through soldier piles. As the stormwater drain was located just outside the building 
line; there was erosion of soil from near the buildings. A soil piping mechanism occurred wherein 
the soil from beneath of some buildings washed away with the flowing water. The excessive ero- 
sion of soil with water lead to the damage of some of the installed timber lagging and a sink hole 
formation was observed on the footpath/pedestrian walkway in around 15-30m length of soldier 
piles. The adjacent shops near to the damaged drain location were immediately vacated. Due to 
excessive soil piping below of some buildings leading to formation sink hole; 3-4 single storey 
small shops were damaged and there was damage to utilities. The whole excavation shaft was 
completely flooded with water. The site photos are depicted in Figure 3. 


Figure 3. Site photos showing collapse of the road/footpath and flooding of the shaft. 


6.2 Rescue operation 


The entire area of Zone C was cordoned off and the traffic on road decking was diverted to 
a longer route. The damaged storm water drains were plugged off on both ends to prevent 
further soil piping and dewatering pumps were immediately installed to directly pump out the 
water from stormwater drain and discharge it into the manholes available near Zone A. Lean 
grade concrete was poured into the formed sink hole to stabilise the area between the building 
line and soldier piles line. 
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As the rain receded; the water level in the sump tank of water boosting station also lowered 
and so is the waterlogging on roads and surrounding areas. As the excavation shaft was com- 
pletely flooded with water; there was still risk of soil erosion from beneath the adjacent build- 
ings. Dewatering pumps were installed in the tunnel shaft to pump out the collected water. 

The restoration of the damaged stormwater drain network was a time taking job as it 
required laying of new storm waterline in the densely spaced utility zone. The monsoon 
season was on its peak and there was a potential risk of damage of adjacent buildings till the 
restoration of storm water network which could have taken a month for its restoration. In 
order to safeguard the adjacent buildings/public life; it was decided to immediately backfill the 
entire excavation shaft of Zone C. The work of backfilling was carried out continuously 24 
hours a day and it took around a week to completely backfill the excavation shaft. Around 
20,000 cum of soil were dumped into the excavation the shaft. 


6.3 Instrumentation data 


The instrumentation reading of the buildings in Zone C especially near the collapsed area 
were changed considerably after the incident. The allowable settlement levels of the buildings 
were triggered. Inspections were carried out inside the buildings to ascertain the conditions of 
the buildings. There were visible cracks in some of the buildings and there were changes in 
readings of the installed crack meter, building settlement markers, tilt meter, etc. The building 
photos after the incident are depicted in Figure 4. 


Figure 4. Cracks in the affected buildings. 


7 REPLAN OF WORK 


As the monsoon season receded; the work in Zone C was re-started but there were some tech- 
nical modifications done in construction methodology to cater the re-excavation of the tunnel 
shaft and construction of box tunnel without compromising the safety of the adjacent 
buildings. 


7.1 Installation of micro piling 


To safeguard the buildings and to prevent any further risk of soil piping from beneath the 
buildings; it was decided to install micropiles along the building line prior to the start of exca- 
vation of tunnel shaft (Riffin Bomic et al. 2016). Micropiles of 200mm dia and 12m long were 
installed @ 300mm c/c spacing to act as a retaining structure between the building line and 
soldier pile line. The micropiles were closely spaced to acts as curtain and mitigate any risk of 
soil erosion especially during rains (Figure 5). 
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Figure 5. Micropile installation. 


7.2 Restoration of damaged stormwater drain network. 


Prior to start of any excavation activities; stormwater drain network was to be restored. As 
the masonry drain was susceptible to collapse; a new RCC drain network was constructed in 
Zone C to withstand the excess hydrostatic pressure during waterlogging. 


7.3 Ground stabilisation 


The ground soil was disturbed during the collapse incident. So, there was the possibility of 
disturbance in the foundations of buildings and road decking structure. All the installed tem- 
porary structures were to be strengthened before re-excavation of shaft in Zone C. So, ground 
stabilisation in the region between the building line and soldier pile lines was very crucial as 
there were many invisible cavities inside the ground which were to be filled. Ground stabilisa- 
tion was carried out by means of extensive vertical TAM grouting from ground surface up to 
12m depth below. Similarly, horizontal pressure grouting was carried out from the wooden 
lagging face transversely into the soil to stabilise the excavation face and to fill any invisible 
cavities present behind the soldier piles (Figure 6). 


Figure 6. Vertical and horizontal cement grouting. 


7.4 Replacement of affected timber lagging 


The timber lagging which were displaced/damaged during the collapse incident or during 
backfilling of the tunnel shaft; were replaced with 8-10 mm thick MS plates to prevent risk of 
soil loss from weak/affected zones during rains (Figure 7). 
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Figure 7. Protection of vertical face by MS plate at damaged lagging locations. 


7.5 Protection of buildings 


Risk assessment of all the affected buildings was carried out and potential risk buildings were 
identified. The high-risk buildings were vacated till the completion of the construction of the 
tunnel. The chajja, staircases, roof, beams, etc of some affected buildings were additionally 
supported with prop framework as a precautionary measure. Vertical TAM grouting was car- 
ried out in and around the periphery of the buildings to stabilise the ground and compensate 
for any soil loss under the buildings (Figure 8). 


Figure 8. Protection of buildings by grouting and prop support. 


7.6 Construction of additional sump tank of water boosting station 


As the lower capacity of the sump of the water booster station was the major factor for the 
flooding of the tunnel shaft and settlement incident; it was decided to upgrade the capacity of 
the water booster station by constructing an additional sump tank of 5 lac litre capacity. The 
construction work for the same was started and was scheduled to be completed before the 
next monsoon season. 


7.7 Additional dewatering measures for discharge of drains 


As it was excess rain water load in drains which resulted in the collapse incident; an additional 
dewatering arrangement was made. A 300mm dia, 500m long piping network was laid along 
the length from Zone A to Zone C on either side of the tunnel shaft. High capacity(35HP) 
dewatering pumps were installed at the dead-end point of Zone C to discharge excess water 
directly into the manholes located in Zone A. This ensured rapid pumping of excess rain 
water and reduced the water load on the storm water drain network. 
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7.8 Reduction in tunnel length 


The construction work was resumed following the revised methodology and measures as dis- 
cussed in the preceding paragraphs. The pace of progress was very crucial as the major car- 
riageway road of the Najafgarh area was closed for the construction of tunnel work and road 
diversion was done from a longer route which was causing inconvenience to the general 
public. The tunnel work and further backfilling and road restoration works were to be timely 
completed. Additional resources in form of manpower and machinery were deployed at site to 
complete the work on time. 

However, the work was badly affected when the Covid-19 second wave outbreak hit Delhi 
city. The second Covid-19 wave in India was very deadly and there was shortage of medical 
oxygen in the entire country. Due to shortage of oxygen; the central govt imposed a complete 
ban on the construction activities. There were strict lockdowns in the city and the construction 
work almost came to a halt. 

The construction works gradually resumed as the lockdown restrictions were lifted. The 
construction work was running behind the schedule and was badly hit. The site faced a second 
jolt as the Tauktae Cyclone hit Delhi unexpectedly and there were continuous heavy rains in 
the city for three days. Due to continuous rains and inadequate capacity of water booster sta- 
tion as the new sump tank could not be completed due to lockdown; there was once again 
massive flooding of the tunnel shaft. Also, there was road/footpath settlement witnessed near 
the junction of Zone B and C outside the site due to the collapse of the masonry stormwater 
drain which was located far away from the site. The settlement caused a partial damage to the 
building. The Covid-19 second outbreak and the Tauktae Cyclone together pushed the pro- 
gress of site couple of months back and was a major setback to complete the tunnel work on 
time. 

The monsoon season was fast approaching and the tunnel work was to be completed before 
the monsoon as owing to the low-lying area; the water discharge was a major problem which 
could have risk the safety of the buildings. Also, the closed road carriageway in Zone C was 
to be opened for public on time as there was a lot of pressure from the local public and civic 
authorities. Similarly, the vacated buildings, prop supported building/shops, etc were to be 
repaired/restored on fixed timeline which was only possible once the tunnel construction and 
backfilling works are completed. After a lot of discussions and deliberations; it was finalised 
to reduce the tunnel length in Zone C to catch up the lost time. All the concerned departments 
such as design, architecture, civil, signalling, track, electrical, traction, etc went back to the 
drawing board to explore the possibility of reduction in tunnel length without compromising 
on the operational and safety aspects of the metro railway system. It was worked out that 
there is a margin to reduce the tunnel length by 25m; if the track buffer stop distance is 
reduced to 15 m from the standard 25m.The track buffer stop was redesigned to accommodate 
the requirements. The tunnel length in Zone C was reduced by 24.5m so as to complete the 
work on time. 


Figure 9. Restored site. 
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8 COMPLETION OF WORK 


Taking the measures as discussed above; the work of cross over box tunnel was successfully 
completed in spite of humongous and unexpected challenges it posed during the execution of 
work. The site area was restored back; Figure 9 shows the site after restoration. 


9 CONCLUSION 


The underground RCC Box cross over tunnel of Dhansa Bus Stand Station, Najafgarh was 
successfully completed in spite of various complexities and challenges. The tunnel works 
under the site constraints was a very challenging work for DMRC and it gave several hands- 
on experiences with complex scenarios. The conclusion can be summed up as follows: 


°- In underground Cut & Cover construction work; sufficient measures are to be taken to 
tackle the problem of flooding, especially when working in a low-lying area susceptible to 
waterlogging. 

e Past Flooding data of the area to be studied while working out the construction methodology. 

e The areas where there are serious space constraints and excavation are to be carried out very 
close to the building lines; protection of water utilities such as water pressure pipelines, storm 
water drains running close to the construction area/buildings are of utmost importance. 

e Underground Cut & Cover Construction means at least partly working in blind especially 
when there are invisible cavities behind the excavation face and are difficult to determine, 
so problems may come up during execution of work. 

e A detailed instrumentation and monitoring scheme should be finalized with appropriate 
equipment’s to ensure working team is provided with correct, reliable and timely data 
during execution of work. Also, instrument monitoring is a rigorous process which should 
be religiously followed for identifying any movement of ground structure. 

e Verification of design assumptions and management of the construction in a safe and con- 
trolled manner help to safeguard the existing structures. 

e Action Plan for any unforeseen situation must be kept ready in an event of mining under 
existing structures 
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ABSTRACT: The Melbourne Metro Tunnel Project is delivering twin nine-kilometre rail tun- 
nels in Melbourne, Australia. In addition to the tunnels, five new underground stations are 
being constructed. Two of the new stations — State Library and Town Hall — are complex 
cavern and adit excavations located in Melbourne’s City Centre. The State Library Station, 
located predominantly underneath Swanston Street and a busy tram route, is surrounded by 
a mixture of modern, educational and heritage developments requiring the excavation sequence 
and primary support to be designed to ensure minimal surface impacts. To simulate the aniso- 
tropic rock mass response to the excavation of the State Library Station, FLAC3D numerical 
analysis was undertaken. The analysis adopted the ubiquitous joint constitutive model approach 
and was used to assess the performance of the primary lining design and to determine the 
impacts the predicted ground displacements may have on the surrounding structures. Calibra- 
tion and validation of the ubiquitous joint modelling parameters for the Melbourne Formation 
has been completed against the measured and observed responses throughout excavation. 


1 INTRODUCTION 


The Melbourne Metro Tunnel Project is a metropolitan rail infrastructure project located in 
Melbourne, Australia. The project comprises the construction of twin nine-kilometre tunnels 
with five underground stations. The two stations under Swanston Street, State Library and 
Town Hall, were constructed as a mined trinocular form caverns with the central ‘station’ 
tunnel excavated prior to the outer ‘platform’ tunnels using sequential excavation methods 
(Figure la). Storry et al (2023), within these proceedings, provides a broad description of the 
project and construction techniques used. 

To simulate the anisotropic rock mass response to the excavation of the State Library Sta- 
tion, a three-dimensional numerical analysis was undertaken with FLAC3D. The analysis 
adopted the ubiquitous joint constitutive model approach and was used to assess the perform- 
ance of the primary lining design and to determine the impacts the predicted ground displace- 
ments may have on the surrounding infrastructure. 
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2 GEOLOGY AND GEOTECHNICAL CONDITIONS 


The Melbourne Formation (also known as the Melbourne Mudstone) is an anisotropic rock 
mass, both in terms of its intact properties and in terms of its structural geological features. 

The predominant rock type in the Melbourne Formation is siltstone, which typically com- 
prises 70% to 80% of the formation. Bedding in the siltstone is typically well-developed and 
varying in the range 10 mm to 300 mm thick, but more typically in the range 30 mm to 60 mm 
thick. The remainder of the formation comprises sandstone and rare (<2%) beds of conglom- 
erate and claystone. The bedding defects are highly persistent, limited only by fold hinge axes, 
major fault structures and igneous dykes (Figure 1b), which resulted in anisotropic strength 
and deformation behaviour. 

When un-weathered, the siltstone rock is a moderately strong rock with uniaxial compres- 
sive strengths in the order of 20 to 50 MPa. The weathering of the Melbourne Formation 
ranges from extremely weathered to fresh and is represented in the oxidized environment by 
a colour change from light yellow and grey through yellow browns to dark grey (Paul et al, 
2017). At the State Library Station, the weathering profile of the encountered Melbourne For- 
mation was complex because of the geological structure (intrusive igneous dykes and folds) 
and varied significantly over short distances. 


Figure 1. a) State Library Station configuration; b) Geological plan view showing major structures. 


3 NUMERICAL ANALYSIS OF THE STATE LIBRARY STATION 


3.1 Background 


Geotechnical numerical modelling techniques can be broadly grouped into continuum, discon- 
tinuum and equivalent continuum methods. The most common equivalent continuum method 
is the ubiquitous (or subiquitous) joint constitutive model which has been implemented within 
the finite difference codes FLAC, FLAC3D, UDEC and 3DEC (Itasca, 2018). Due to the 
inherent nature of the ubiquitous joint formulation, it has been found that direct use of dis- 
continuum properties in a ubiquitous joint model without careful calibration of the material 
response can provide misleading model results by not capturing the rock mass response accur- 
ately (Sainsbury et. al 2017; Perras and Diederichs, 2009). 

Various discontinuum modelling techniques are available that explicitly simulate joints and 
discontinuities within an anisotropic rock mass. Due to the computational intensity of these 
numerical techniques, it is not practical to explicitly simulate the joint fabric of an entire rock 
mass for routine analyses of large-scale excavations. To overcome this, the continuum based 
ubiquitous joint constitutive model is commonly used to represent the strength and deform- 
ation behaviour of anisotropic rock masses (Clark, 2006, Leitner et al, 2006). 

This approach to numerical analysis was completed for all adits and cavern primary ground 
support design packages prior to construction. The advantage of using this technique was the 
improved understanding of the rock mass response with the inclusion of structural elements, 
allowing for improved accuracy with respect to predicted structural element forces allowing 
greater efficiency with the design of these elements. This numerical analysis approach also had 
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the benefit of a more realistic rock mass response for inclusion in the ground movement and 
building impact assessments given the dense, urbanised environment that the State Library 
Station was constructed. 


3.2 Constitutive model 


The Ubiquitous Joint model corresponds to a Mohr-Coulomb material that exhibits a well- 
defined strength anisotropy due to embedded planes of weakness. As shown in Figure 2a, the 
planes of weakness can be assigned different orientations for each zone in the model. The criterion 
for failure on the plane of weakness consists of a composite Mohr-Coulomb envelope with 
a tension cut-off. The propagation of damage within a Ubiquitous-Joint model can be observed 
through the progressive degradation of matrix cohesion and ubiquitous joint-failure plots at vari- 
ous stages of loading in a simulated unconfined compressive strength test, illustrated in Figure 2b. 
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Figure 2. (a) Ubiquitous joint model: matrix and joint properties, (b) stress-strain response of simulated 
ubiquitous joint rock mass (Sainsbury et al, 2008). 


The Ubiquitous-Joint model formulation assumes infinitesimal spacing and no length scale to 
their implementation. As such, a ubiquitous-joint material cannot account for the bending stiff- 
ness of the individual layers of rock. As demonstrated by (Leitner et al, 2006, Sainsbury and 
Sainsbury, 2017), the selection of matrix and joint properties based on direct input of the meas- 
ured block and joint strength will result in a simulated material response that does not represent 
the true rock mass strength or deformational profile and provide misleading model results. 

To provide meaningful modelling results, careful calibration of the matrix and ubiquitous 
joint parameters to the emergent behaviour from discontinuum modelling techniques and 
in situ monitoring and observation is required. A detailed Ubiquitous Joint Rock Mass 
(UJRM) calibration procedure to account for rock mass anisotropy in open pit rock slopes, 
block cave mines, deep mine access development and civil tunnelling has been developed con- 
tinuously since 2006 (Clark, 2006, Sainsbury and Sainsbury, 2017, Sainsbury et al, 2016 and 
Johnson et al, 2016). This included back-analysis of historical underground excavations in the 
Melbourne Formation, notably the Melbourne Underground Rail Loop and City Link 
Domain Tunnel were conducted and reported by Sainsbury and Amon (2017). 

During the tender and detailed design phases of the Metro Tunnel project, detailed UJRM 
parameter calibration was conducted based upon laboratory testing and field measurement 
data (including bedding spacing and persistence measurements at notable exposures of Mel- 
bourne Formation). 

Figure 3 illustrates the discrete fracture network (DFN) used to represent the Melbourne For- 
mation, while Figure 4 illustrates the response of a large-scale, discontinuum (3DEC), synthetic 
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rock mass specimen on Melbourne Formation with horizontal bedding (B=0). Figure 5 presents 
the calibrated continuum (FLAC3D) strength response to the discontinuum (3DEC) model 
response at bedding orientations from horizontal to vertical. The emergent strength anisotropy 
in both discontinuum and continuum modelling approaches can be observed. 


INPUT PARAMETERS 


* Bedding (dip) = 0° (dip direction)= 0° 

« Jset 1 (dip) = 90° (dip direction)= 180° 
+ Jset 2 (dip) = 90° (dip direction)= 90° 

- Joint Spacing (Bedding) = 0.1 - 0.5 m (avg. 0.28m) 

+ Joint Spacing (JSet 1) =1-2m F 
* Joint Spacing (JSet 2)= 1-2 m 

+ Joint Persistence (Bedding) = 100% 

» Joint Persistence (JSet 1)=0.2—1.5m 
- Joint Persistence (JSet 2) = 0.2 -1.5m 


- Py (fracture area per unit volume) = 3.9 m*/m?* 


a) DFN b) Section View c) DFN Stereonet 


Figure 3. Discrete fracture network (DFN) to represent the Melbourne Formation siltstone. 


a) Sample Geometry 


b) Failure State c) Displacement d) Stress-Strain Response 
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Figure 4. 3DEC model of simulated Melbourne Formation, B = 0, o3 = 0 MPa. 
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Figure 5. Calibrated UJRM anisotropic strength response compared to the discontinuum anisotropic 
response for Melbourne Formation. 
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4 MODEL GEOMETRY 


Multiple three-dimensional FLAC3D models were constructed to cover the entire State 
Library Station Cavern and associated access shaft infrastructure. Figure 6a shows the model 
geometry constructed to simulate the northern end of the station. The primary support simu- 
lated, which consists of fibre reinforced shotcrete with local reinforcement, canopy tubes, 
spiles, rock bolts and steel columns, is presented in Figure 6b. 

Within the global models, the fibre reinforced shotcrete is simulated with two-dimensional, 
linear elastic shell elements installed in-cycle after each 1.5m excavation advance, while the 
rock bolts have been modelled with one-dimensional cable elements, that simulate the axial 
behaviour of the rock bolt itself and the shearing resistance along grout/rock interface. The 
primary steel columns within the central tunnel were simulated as a single beam element con- 
nected to the shotcrete liner and permanent base slab. 
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Figure 6. a) FLAC3D model geometry of the northern end of the State Library Station. 


5 GEOTECHNICAL PARAMETERS 


The State Library Station Geotechnical Interpretive Report (GIR) was the basis for the fun- 
damental geotechnical material properties (Wilson, 2018). Sainsbury and Amon (2017) previ- 
ously reported the calibrated UJRM input properties that were used in the design 
development, while further refinement of the UJRM properties have been reported by 
Coombes et al (2023). The calibrated UJRM input parameters used throughout these analyses 
are shown in Table 1. 


Table 1. Melbourne Formation modelling parameters (calibrated UJRM input properties). 


Unit Weight Modulus Poisson’s Matrix Properties Joint Properties 
Domain — [kN/m3] [GPa] Ratio c[kPa] ¢[deg] oj [kPa] c[kPa]  ¢ [deg] 
MF3 23.5 1.6 0.26 126 42.0 5 0 20 
MF2 24.5 4.2 0.25 336 44.8 30 0 32 


MFI 26.0 9.2 0.24 964 47.7 150 0 32 


The geotechnical domains, major structures and bedding fabric simulated throughout the 
FLAC3D model of the State Library Station is presented in Figure 7. An example of the dis- 
turbed nature of the rock mass is evident in Figure 8, where Figure 8a is a face photograph 
taken during geological mapping and Figure 8b is the numerical analysis representation of the 
same location. 
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Bedding Fabric 
Orientation 


Figure 7. Geotechnical domains, major structures and bedding fabric simulated with the FLAC3D 
model. 


Figure 8. (a) Photograph of excavated face, (b) FLAC3D central tunnel (top heading) model geometry 
(disks showing ubiquitous joint orientation). 


6 CALIBRATION ASSESSMENT 


Ground displacement calibration in the form of vertical settlement at the ground surface 
along the centreline was completed for the central tunnel and the cavern excavation stages. 
Additional, calibration based on displacement of the primary steel columns within the central 
tunnel cavern is discussed by Coombes et al. (2023). 


6.1 Instrumentation and monitoring 


Instrumentation and monitoring of the excavation and primary support elements was moni- 
tored with an extensive array of in-tunnel convergence prisms, and surface monitoring points 
(SMP’s) which were surveyed via manual survey techniques and ATS. 

The State Library Station surface was monitored with nearly 300 SMP’s plus a suite of util- 
ity monitoring points and building monitoring points. 


6.2 Surface settlement 


The predicted surface settlements after the excavation of the central tunnel and the eastbound 
and westbound platform tunnels, to form the trinocular cavern are shown in Figure 9. 
Predicted settlement from the central tunnel (Figure 9a) above Franklin Adit was predicted to 
be 15 mm with a maximum predicted settlement at CH9295 of 20 mm. With continued excavation 
of the platform tunnels, the predicted settlement from the excavation (Figure 9b) above Franklin 
Adit was predicted to be 22 mm. At this excavation stage, it also becomes apparent the impact 
dyke orientation has with a skew in the predicted settlement orientation matching the dyke orien- 
tation. The maximum predicted settlement from the excavation increased from 20 mm to 34 mm. 
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The overall settlement profile with increasing chainage demonstrated a settlement trough associ- 
ated with Franklin Adit before settlement decreased. With the first intersection of the dykes, the 
settlement progressively increased with settlement greatest between CH9280 and CH9305S. 

Figure 10 shows the measured settlement along the centreline of the central tunnel align- 


ment compared to the settlement predictions with both the best-estimate and lower-bound Ko 
simulations. 


Figure 9. Estimated settlement (a) central tunnel and (b) trinocular cavern. 
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Figure 10. Calibration of predicted versus measured settlement for trinocular cavern. 


7 CONCLUSIONS 


Discontinuum analyses will always provide the most rigorous assessment of anisotropic rock 
mass strength and deformation behaviour. However, when large-scale analysis of anisotropic 
rock masses dictates the need for a continuum-based model, careful calibration of the material 
response to a series of discontinuum numerical experiments provides significant insight, 
understanding and robust modelling results. The critical step, where possible, is careful cali- 
bration of the geotechnical parameters against a measured response. The calibration process 
of the numerical analysis of State Library Station was considered successful when compared 
against both rock mass response and structural element response. 
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The complex geological conditions encountered at State Library Station between Franklin 
and A’Beckett Adits highlights the need for good geotechnical understanding within the 
numerical analyses. Achieving a calibration would be almost impossible without this under- 
standing. All data can be useful, even passing conversations with superintendents can reveal 
good geotechnical knowledge to improve the geotechnical understanding. 

The UJRM numerical analysis approach adopted provided the project with a robust design 
that gave all stakeholders confidence in the station cavern design. As anisotropic rock masses 
represent a significant proportion of the worlds near surface rock masses, this is an advance in 
the design of large scale, complex underground excavations. While this project was focussed on 
the Melbourne Formation, the UJRM approach can be adopted for any anisotropic rock mass. 
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ABSTRACT: Displacement monitoring allows us to evaluate the adequacy of applied 
tunnel support as well as to select and install suitable support proactively during excava- 
tion. The monitoring also helps us to examine the ground conditions adjacent to an advan- 
cing tunnel face. A 4.2-km-long tunnel, Hirogawara adit, with a maximum depth of 860 
meters, was excavated in the Akaishi Mountains of central Japan. Correlation between the 
initial and final displacement was confirmed as monitoring data were accumulated concur- 
rently with ongoing excavation. Then, the final displacement was predicted from the initial 
displacement readings, which led to the proactive application of optimum rock supports. 
Meanwhile, the monitored displacement showed characteristically anisotropic or asym- 
metric patterns of tunnel deformation: the larger horizontal strain than the vertical one, 
the larger displacement of the right sidewall than the left one. The monitored displace- 
ments as well as observed unilateral deformations indicated the possible presence of aniso- 
tropic ground conditions. 


1 INTRODUCTION 


The excavation of a long tunnel with high overburden is accompanied by uncertainties of the 
ground. To reduce geotechnical risks, an observational approach during construction is indis- 
pensable (Schubert et al. 2005). Displacement monitoring data, if obtained properly, allow us 
not only to examine ground conditions adjacent to the advancing face but to predict tunnel 
behavior during excavation (Grossauer et al. 2005). 

For a practical use of the displacement monitoring results, it is necessary to start an obser- 
vation of the tunnel behavior soon after the excavation as well as at a consistent time in the 
excavation and support sequence (Volkmann et al. 2003). Sato et al. (2021) put an emphasis 
on the initial displacement monitoring by starting the “zero reading” 0.5 to 0.8 m behind the 
excavating face and confirmed the correlation between the initial and final displacement. In 
the study, the results were practically applied for the prediction of the final displacement from 
the initial displacement as well as to examine the effectiveness of presently installed tunnel 
support. 

Observed relative displacement as well as spatial displacement vectors under an effective 
tunnel support do reflect ground conditions in the vicinity of the excavated tunnel. They also 


DOI: 10.1201/9781003348030-267 


2219 


reveal the profiles of anisotropic or asymmetric deformation, which are sometimes interpreted 
as a symptom of tunnel support damage. 

The major causes of asymmetric displacements can be placed in three categories: material 
anisotropy of the rock mass, heterogeneous ground conditions, and in-situ stress anisotropy. 
Asymmetric displacements caused by the material anisotropy of the rock mass in the vicinity 
of the tunnel wall have been reported in several tunneling cases (Mezger et al. 2013, Mezger 
and Anagnostou 2015, Lisjak et al. 2015). 

Asymmetric displacements are likewise observed while tunneling under heterogeneous 
ground conditions (Grossauer et al. 2005, Mezger and Anagnostou 2015). Heterogeneities, 
i.e., changes in the quality of a rock mass, such as the lithological composition, fault or shear 
zones, or weak layers, can contribute to asymmetric displacements (Mezger and Anagnostou 
2015). 

Some distinctive cases have been reported in which asymmetric displacements are related to 
the anisotropic in-situ principal stress conditions (Naji et al. 2018). In the excavation of 
a tunnel under anisotropic in-situ stress conditions, rock burst or spalling may be encountered 
in extreme cases. 

A 4.2-km-long tunnel, Hirogawara adit, with a maximum depth of 860 meters, was 
excavated in the Akaishi Mountains located in the central region of Honshu Island, 
Japan. During the excavation using conventional drill and blast method, tunnel supports 
were selected and installed on the basis of predicting a final displacement from initial 
displacement readings in addition to a tunnel face observation. This prediction-based sup- 
port application procedure functioned well; the maximum horizontal convergence was 
about 1.1 % of the tunnel diameter (normally 11 m) throughout the excavation of the 
adit. 

However, unilateral tunnel deformation, which comprised minor cracks of shotcrete or 
deformed rockbolt plates, was repeatedly observed especially on the right sidewalls before the 
displacement reached its predicted final value. In addition, 3D displacement vectors showed 
that the tunnel section moved from right to left as an overall trend. This asymmetric displace- 
ment might relate to the unilateral deformation of the tunnel supports. 

In this paper, firstly, the regional geology is introduced with the rock properties and meas- 
ured in-situ stresses of the study area. Secondly, correlations between the initial and final dis- 
placement are presented in the context of the applied support type and the overburden of the 
tunnel. Thirdly, the observed typical unilateral deformation of the tunnel supports and moni- 
tored asymmetric displacements are presented. Finally, possible mechanisms of deformation 
are discussed where anisotropic material properties as well as in-situ stress conditions might 
cause asymmetric tunnel displacements, and ultimately, the observed unilateral deformation 
of the tunnel supports. 


2 GEOLOGICAL CONDITIONS AND MEASURED IN-SITU STRESS 


2.1 Regional tectonic stress field and geology in the study area 


Figure 1 shows the study area located in the eastern part of the Akaishi Mountains whose 
maximum elevation exceeds 3000 meters above sea level. Construction of a 25-km-long tunnel 
for the Chuo Shinkansen high-speed rail line is in progress there. The figure also shows the 
tectonic stress conditions in southern central Japan, which generally have a trend of east-west 
compression. 

Figure 2 exhibits the geology of the study area with a geological longitudinal profile of the 
Main tunnel. The general trend of the geological formation or structure has a strike in an 
approximately north-south direction and a westward dip of about 70 degrees. The major geol- 
ogy in the area is sedimentary rock, i.e., slate, phyllite, and alternations of slate and sandstone. 
The minor geology consists of altered basaltic tuff and meta-basalt. Table 1 presents the phys- 
ical and mechanical properties of the typical rock observed in the area. 
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Figure 1. Study area and tectonic stress conditions in southern central Japan (After Sato et al. (2022)). 


*Stress data from Heidbach et al. (2018) displayed on Google Earth® with shade-relief map data from Geospa- 
tial Information Authority of Japan 
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Figure 2. Geological map of study area with longitudinal geological profile of Main tunnel (After Sato 
et al. (2021)). 


Table 1. Physical and mechanical properties of typical rock in the study area (After Sato et al. (2021)). 
Rock type Slate/Phy llite Sandstone Basaltic tuff/Meta-basalt 
i Test 


Physical and mechanical Unit number o: Test number of Test number of 
property results* samples results samples results samples 
Unit weight (KN/m*) 26.7 43 26.6 13 28.2 15 
Uniaxial compresive strength (MPa) 47.0 37 93.6 13 95.7 15 
Tensile strength (MPa) 6.72 29 10.2 11 9.85 13 
Static Poisson's ratio 0.21 25 0.29 6 0.24 12 
Young's modulus E so (GPa) 31.9 25 18.4 6 44.0 12 
Laboratory P-wave velocity (km/s) 4.16 41 4.15 13 5.23 15 
Laboratory S-wave velocity (km/s) 2.29 41 2.21 13 2.83 15 


*Test results show the mean value. 


2.2 In-situ stress measured in high overburden tunnel 


The in-situ stress was measured at two different tunneling sites, PM and PH2a, given in 
Figure 2. The overburdens of the tunnel are 724 m (PM) and 815 m (PH2a), respectively. 
Thus, the measured in-situ stress was that existing under the depth of the tunnel overburden 
plus the boring depth. 

The technique applied to investigate the in-situ stress is the Diametrical Core Deformation 
Analysis (DCDA) (Funato et al. 2012). Table 2 presents two sets of DCDA results measured in 
the study area. Sato et al. (2022) explained the procedure and the results of the in-situ stress 
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Table 2. Direction and magnitude of horizontal principal stress measured by DCDA. 


DCDA boring site Unit PM (Sato ct al. (2022)) ~ PH2a* 
Location Main tunnel (C.137844) Hirogawara adit (C.3880) 

Rock type Sandstone/Slate Meta-basalv/Tu Slate 
Tunnel depth below surface (m) 724 815 
Boring depth fom tunnel Noor (m) 61 40 
Core sampling depth used for DCDA (m) 33-54 24-40 
Direction of maximum horizontal stress NI IGE 215° N61°E 10° 
Stress deviation (Gitmax - hein) (MPa) 20.5 20.7 
Maximum horizontal stress (o//max) (MPa) 31.2 -45.1 34.9 -438 
Minimum horizontal stress (Ghmìn)} (MPa) 10.7 -24.6 14.2 -23.1 
Vertical stress duc to overburden* * (MPa) 16.2 23.1 


*Values are taken from an interim report. 
**For deriving the vertical stress, the gravitational effect of the topography is considered. 


measurements taken at the site PM with precision. The measured in-situ stresses ware predomin- 
ant in horizontal as well as approximate east-west direction. The direction was generally in good 
agreement with that of the major principal stress obtained from the earthquake focal mechan- 
isms shown in Figure 1. The east-west compressive tectonic force is acting in central Japan. 


3 MONITORING RESULT AND OBSERVED CHARACTERISTIC 
DEFORMATIONS 


3.1 Prediction of the final displacement from the initial displacement readings 


Table 3 presents the categories and types of supports applied in the Hirogawara adit. The cat- 
egories are divided into six stages, extending from the lightest support, A (III), to the heavi- 
est support, F (Toku-S). 

Table 3 also presents the optimal range in final horizontal convergences for each support 
category. It denotes both the minimum and maximum values of allowable convergences deter- 
mined empirically. Either larger or smaller convergences than these optimal values lead to 
changes in the presently applied support category to heavier or lighter ones, respectively. 

The support category needed to be selected and applied at the advancing face immediately after 
opening of the face. The optimum rock supports were then installed as part of the excavation pro- 
cess by predicting the final displacement from the initial displacement readings, in accordance 
with the displacement monitoring results obtained right behind the tunnel face (Sato et al. 2021). 


Table 3. Categories and types of supports used in Hirogawara Adit. 


Support category Unit = A(Illy) Bly) C(In.2) Diy.) Eis) F (Toku-S) 
Optimal range of final convergence* (mm) 10-30 10-30 15-50 20-70 30-80 40-120 
Round length (m) 1.5 1.2 1.2 1 1 1 
Shotcrete, compressive strength (N/mm’) 18 18 18 18 18 18/36 
Shotcrete, crown and sides, thickness (mm) 100 100 150 150 150 200 
Shotcrete, invert, thickness (mm) - - - = 150 200 
Steel rib, wide flange rib, size (mm) - - 125x125 125x125 150x150 150x150 
Steel rib, spacing (m) - - 1.2 1 1 1 
Grouted rockbolt, length (m) 3 3 3 3 3 4 
Grouted rockbolt, quantity - 12 12 12 12 18 22 


*Ranges are presented as absolute values. 


To conduct the zero reading, targets were put in place at a short distance, typically 0.5 to 
0.8 m, behind the excavation face after the blasting, mucking, and installation of the supports. 
These steps were then followed by the first reading which was taken immediately after complet- 
ing the next round of blasting, mucking, and support installation. This initial displacement moni- 
toring, in close proximity to the excavation face, is called the 1 Cycle reading (Sato et al. 2021). 
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Figure 3. Correlation between initial and final convergences/crown settlements for different support cat- 
egories with average overburden of 299 m (Data obtained between Chainage 0k038m and 2k600m). 


Figure 3 and Figure 4 present the correlation of the initial (1 Cycle) and final horizontal 
convergences at the springline level as well as crown settlements based on the applied support 
categories. The two figures also compare changes in the correlation according to the average 
overburden (299 m and 784 m, respectively). The horizontal axis displays the convergence or 
crown settlement by the 1 Cycle reading, while the vertical axis shows the final convergence or 
crown settlement. The monitored convergence or crown settlement is normalized by the 
tunnel diameter (D) or radius (D/2), respectively, and is expressed in terms of strain. It is 
noted that D is normally 11 m and occasionally 13 m. 

The figures above confirm a strong correlation between the initial and final convergence at the 
springline level (Figure 3 a), 4 a)). There is also a strong correlation between the initial and final 
crown settlement for the higher average overburden (Figure 4 b)), whereas a weak correlation 
observed for the lower average overburden (Figure 3 b)). The general trend of the correlation is 
similar between the convergence and the crown settlement. For both the convergence and the 
crown settlement, the correlation is affected by the applied support category as well as by the over- 
burden. It is evident that the higher the average overburden, the steeper the linear regression lines. 


3.2 Monitored final convergence and crown settlement 


Figure 5 presents the longitudinal displacement profiles taken from 426 monitoring sections 
of the Hirogawara adit with its overburden, geology, and applied support categories. The 
horizontal convergence and the crown settlement were expressed as strain. The monitored 
convergence strains that exceeded 1% were only at 1 of the 426 monitoring sections. There 
were no squeezing problems observed throughout the excavated adit in spite of its high over- 
burden. It is consistent with the description that there might be few stability problems with 
the tunnel closure strain less than 1% (Hoek & Marino, 2000). 
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Figure 4. Correlation between initial and final convergences/crown settlements for different support cat- 
egories with average overburden of 784 m (Data obtained between Chainage 2k600m and 3k600m). 


The most conspicuous tunnel behavior occurred at 389 of the 426 monitoring sections 
where the normalized strain of the convergence at the springline level was larger than that of 
the vertical crown settlement. It is noted that the higher the overburden, the smaller the differ- 
ence in strain between the convergence at the springline level and the crown settlement. 


3.3 Unilateral deformation of supports 


In accordance with the progress of the Hirogawara adit excavation, and by gathering the 
monitoring data, the accuracy in estimating the final displacement from the initial displace- 
ment reading was improved. Then, the tunnel support was proactively selected and installed 
based on the displacement prediction. 

However, minor support deformation occurred on the tunnel wall despite the final displace- 
ment settling within the optimal range. Generally, deformation began to appear 5 to 
20 m (0.5D to 2D) behind the excavating face, particularly on the right sidewall. Then, the 
deformation ceased to appear 30 to 50 m behind the face. There was no increase in deform- 
ation when the face advanced more than 5D away from the excavated section as displacements 
normally rest within a distance of 5D from the advancing face. 

Typical deformation observed on the right sidewall is shown in Figure 6. The deformation 
comprised minor cracks of shotcrete or deformed rockbolt plates. 


3.4 Asymmetric displacement vector profiles observed in the tunnel 


To understand the profile of the tunnel deformation, the 3D absolute displacement monitor- 
ing results were examined. Figure 7 presents the observed 3D displacement profiles at two 
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Figure 5. Tunnel convergences and crown settlements monitored at 426 sections of Hirogawara adit. 


Figure 6. Observed minor support damage on right sidewall of Hirogawara adit. a): Chainage 
3052 m and b): Chainage 3502 m. The spacing of the two adjacent steel ribs is 1.0 m. The cracks and 
deformed rockbolt plates are marked with blue lines and circles, respectively. 
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Figure 7. Asymmetric 3D displacement profiles for two monitoring sections. a): Chainage 3443.2 m and 
b): Chainage 1403.6 m. The final convergence at springline level is -48.1 mm and -44.1 mm, respectively. 


monitoring sections in the Hirogawara adit, overlapped by pictures of their excavated faces. 
The sections were chosen based on their geology and applied support category: a) slate and 
sandstone with category D (Iy.;) and b) disturbed slate and meta-basalt with category 
F (Toku-S). 
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Figure 7 clearly reveals the asymmetric displacements that occurred at the two monitoring 
sections. The radial displacement vectors of the right sidewall are mostly larger than those of 
the left one. This trend was observed at many monitoring sections of the Hirogawara adit. 

In Figure 7 a), b), the right sidewall vectors moved toward either the advancing face or the 
portal. This longitudinal displacement of the right sidewall could depend on the type of geol- 
ogy that appears in the monitoring section. Both crown vectors moved toward the portal, 
while simultaneously moving from the center to the left. 


4 DISCUSSION 


Unexpected unilateral deformation appeared on the right sidewall with the horizontal conver- 
gence less than 1% of the tunnel diameter (usually 0.3 to 0.6%). This implies that, during the 
excavation, specifically anisotropic ground conditions might have been encountered. 

The observed asymmetric displacement in Figure 7 a) might be explained by the properties 
of transversely isotropic slate and sandstone. The deformation could have occurred due to the 
dilation of the sedimentary rock normal to the plane of isotropy. In such a case, the largest 
displacement can be observed perpendicular to the foliation (Schubert and Mendez 2017). 
However, if the dilation were a principal driving force in the tunnel deformation, both the left 
sidewall and the crown of the Hirogawara adit might have had more support deformation. 

There was no rockbolt plate deformation or shotcrete cracks observed on the tunnel crown. 
Figure 5 explains that the tunnel crown settlement was small enough that the tunnel supports 
did not experience any excessive strain which would have caused damage to them. 

The larger displacement of the right sidewall was observed even during an excavation of 
meta-basalt rock mass (Figure 7 b)), which had no foliation or schistosity. Thus, the mechanical 
properties of the rock mass can not be treated as the single cause of the observed asymmetric 
deformation. Again, there were no squeezing condition observed throughout the excavated adit. 

Figures 3, 4 and 5 explain that the overburden of the tunnel affected the mode of tunnel 
deformation. In addition, the measured in-situ stress in Table 2 was predominant in horizontal 
direction. These facts might explain the form of anisotropic deformation observed in Figure 5, 
where the horizontal strain was larger than the vertical one. This explanation is reinforced by 
a tunneling experience where rockbursts on the tunnel crown due to horizontally compressive 
in-situ stress at merely 200 meters of overburden were recorded during the excavation of the 
6.6-km-long Karisaka Tunnel in a nearby region (Mochizuki et al. 1991). 

A recent study has shown that asymmetric deformations are induced near the face of the tunnel 
as a result of the tunnel misalignment with the geostatic principal stresses and with the rock mass 
structure (Vitali et al. 2020). Therefore, the chances are that both the in-situ stress and the mechan- 
ical properties of the rock mass in the study area caused the asymmetric displacement. 


5 CONCLUSION 


The initial displacement monitoring allows us to predict the final displacement in excavation of 
a tunnel with high overburden. Then, it is possible to select and install proper supports proactively 
during the excavation. However, the asymmetric displacement may cause the unilateral deform- 
ation of the tunnel supports despite the final displacement settling within the optimal range. 

It is rational to examine the influence of both mechanical properties of rock mass and in- 
situ stresses on the tunnel deformation if specific asymmetrical displacements or unilateral 
deformation are observed during the excavation under a known regional stress field. 
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ABSTRACT: Frankfurt, one of the most densely populated capitals in Germany, needed an 
extension of its Metro Line U5 from the main railway station towards the newly created dis- 
trict ‘Europaviertel’ which is part of an urban rehabilitation plan affecting over 30.000 people. 

For the first time in Frankfurt, TBMs were used for metro construction. Driving in full EPB 
mode at up to 3,2 bar in clay and sand/clay mixed face geology with sensitive surface construction 
as well as the connection to the existing tunnel system from the 1970s makes this project unique. 

Apart from the 2k annulus grout — first time implemented in Germany for a city tunnel pro- 
ject, EPB startup with a prefilled working chamber has been used very successfully together 
with highly ecologic tail sealants and soil conditioning system with minimum impact on the 
excavated soil. 


1 INTRODUCTION 


In the city center of Frankfurt, the Joint Venture U5 Europaviertel consisting of the compan- 
ies Porr and Stump, builds a dual tube tunnel on behalf of Stadtbahn Europaviertel Projekt- 
baugesellschaft (SBEV GmbH). The extension the of the existing metro line US will connect 
the new ‘Europaviertel’ district with the central railway station. The Europaviertel is an urban 
rehabilitation project for the area of the old railway freight terminal. 


2 PROJECT DESCRIPTION 


2.1 Project location 


The project includes the construction of the inner-city metro extension of the metro line U5 
and the underground connection to the existing metro network at Platz der Republik. 

The metro extension will be build as a 186 m open construction section followed by 
a 2x830 m TBM section with two 7.10m outer diameter tunnels. For the connection to the 
existing metro tunnel, the TBMs will drive into a ground freezing area at Platz der Republik 
where they will be underground dismantled. The connection itself will be carried out conven- 
tionally by excavator under compressed air conditions supported by injections. 


2.2 Geology 


The geology in the metropolitan area of Frankfurt is generally characterized by cohesive soils 
with a high proportion of clay or silt and low permeability. The majority of the project runs 
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through “Frankfurter Clay” which is overlaid by 2 - 10m thick quaternary top layers of lime- 
stone and gravel, which is in the area of the excavation pit. Occasionally, sandstone forma- 
tions up to 240 MPa can penetrate into the clay layer and also appear further along the 
planned TBM route. 

Principally, the TBM drive can be devided into 3 main areas: 


1. Start shaft to Station Giiterplatz: mixed face conditions clay, sand, limestone 
2. Station Giiterplatz: 180m full face Frankfurt Clay, protected by sealing wall 
3. Station Giiterplatz to Frankfurt Main Station: full face Frankfurt Clay with Limestone layers 


2.3 TBM details 


The U5 Extension project used a tunnel boring machine with earth pressure support (EPB 
TBM) which has been selected as ideal tunneling method for Frankfurt’s Europaviertel. The 
TBM was baptized ‘EVA’ standing for “Europa-Viertel-Anbindung”. The TBM has been 
already used in Doha (Qatar) for the Green Line Metro project and was refurbished and 
adjusted specifically for the U5 project in Frankfurt. 

Due to the inner-city tunneling, very high demands were put into practice in order to min- 
imize settlements. The support pressure of the shield machine had to be secured at any time 
according to the existing subsoil pressure as well as according to the existing loads in order to 
avoid settlement and the resulting damage of existing structures. 


gS: \ - SIA Manufacturer Herrenknecht (S-1127) 
s47 - TBM type EPB 
Nominal diameter 7.1m 
N a Ti Installed power 960 kW 
£5 DE ECL | Cutterhead torque 4133 kNm 
li| Max. push force 36500 kN 
Oo TBM length total 84.0 m 
Nk LA = ; | Weight 580 tons 


Figure 1. TBM cutterhead schematics and details. 


3 FLYING TBM START - EPB PRESSURE ON THE RUN 


3.1 Startup situation 


In order to drive the TBM into the ground, it had to drill first through a 1.20m thick trench 
wall as well as though a 1.10m thick sealing block. The EPB design pressure for the untreataed 
ground was 1.4-1,6 bar at the crown — mandatory to be reached already during blind ring 
No. 4 drilling through the sealing lamella. 


3.2 Artificial soil: Idea & formulation 


The aim of the Artificial soil is to drive in a pressurized EPB mode through the remaining 
trench wall and sealing block into the ground. Just adding water and foam will not work and 
the addition of only Bentonite Slurry is not productive: The obtained rheology will be far to 
liquid to be handeled on EPB machines, especially under pressure. 
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Figure 2. TBM start: cutterhead touching trench Figure 3. TBM start: cutterhead touching 
wall with blind ring No. 2. untreated ground with blind ring No. 4. 


Therefore, MC proposed the use of an Artificial Soil based on HDSL Slurry together with 
the addition of a specialized Polymer MC-Montan Drive LB02: 


> ae ae 
a 


HDSL Slurry Hägermann Slump i Hiigermann Spread 
+ separate addition of Homogeneous paste with plastic | 160mm 
MC-Montan Drive LB02 behavior 


Figure 4. Artificial soil. 


The HDSL was produced above ground with the existing grout plant and then pumped 
down to the TBM. Ideally, the Polymer will be mixed into the HDSL via Y-connector directly 
before running into the TBM working chamber. 


3.3 Site use 


The filling of the working chamber with artificial soil started with blind ring No. 3, reaching the 
top level and got pressurized on 2"! September 2019 early morning. During excavation of blind 
ring No. 4, the EPB pressure was rising to 1,5 bar crown pressure until end of the day. Pressure 
drops are a result of releasing the air with was remaining in the working chamber as well as 
releasing water — until no air bubble was left and the muck showed a homogeneous consistency. 


4 SOIL CONDITIONING - FROM LABORATORY TO REALITY 


As indicated already, the Frankfurt Clay is the predominant geology for the project. Espe- 
cially the startup phase shows mixed face conditions of Frankfurt Clay, sand and gravel up to 
25%. The corresponding lab trials are shown in chapter 3.2.1. The lab trials for full face 
Frankfurt Clay are shown in chapter 3.2.2. 

Aims of the laboratory trials were: 


* Choice of the right foam type 

* Determining the clogging risk 

¢ Determining the amount of additional water if necessary 

e Dertermining the best starting parameters concerning FER and FIR 
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4.1 Laboratory trials for full face Frankfurt Clay at Gtiterplatz 


The Giiterplatz area and the final drive towards the existing tunnel is characterised by full 
face Frankfurt Clay. 

Atterberg Limits of Frankfurt Clay (according to DIN 18122; samples from d-walls Bldv. 
Ost 2017 & Giiterplatz 2020): 


e Natural humidity Giiterplatz: 34-45%, approx. weighted average 35-39% 
e Plastic Limit (wP): 25-56%, approx. weighted average 27-39% 
e Liquid Limit (wL): 74-108%, approx. weighted average 74-91% 


i Figure 6. Frankfurt Clay at Güterplatz, 
Figure 5. Geology at Güterplatz. freshly hand-excavated. 


The Atterberg Limits indicate a quite high clogging risk for this type of geology. In conse- 
quence, the aim of the soil conditioning is to reduce the clogging risk in general, particularly 
keeping the cutterhead openings free, allow the muck flow through the cutterhead into the 
working chamber and allow a consistent TBM advance speed. 

In order to achieve these goals, the anti-clay foam MC-Montan Drive FL04 was used in 
a higher concentration and higher FIR than necessary for soil 4b, also the addition of water 
was found to be beneficial. Again the tasks of the laboratory tests are to find the correct start- 
ing parameters for the TBM. Once the clay clogging occurrs on the cutterhead and in the 
working chamber, it can in most cases only be cleaned by intervention. Therefore, the TBM 
startup should be realized with an exceeding soil conditioning avoiding any kind of problems. 

Proposal for TBM parameters after laboratory test results with MC-Montan Drive FL04 


e cF 2-4% 
e FER 10 
* FIR 80-120 — approx 150l/ring of foam concentration 


* WIR 5-7% by weight — approx 4.8-6.5m*/ring additional water 


4.2 Jobsite soil conditioning results 


Since the Frankfurt Clay is the predominant geology, the following site examples are taken 
from the Giiterbahnhof section, the TBM advancing full face in Frankfurt Clay. Due to the fact 
that the TBM is operating in semi-automatic mode, the laboratory soil conditioning results 
from chapter 3.2.2 need to be translated into flow rates for 2 different TBM target speeds. 


Table 1. Quantity range in l/min at 20 mm/ Table2. Quantity range in l/min at 25 mm/min TBM 


min TBM speed. speed. 

Water from Additional Foam Water from Additional Foam 
Foam the foam water FL 04 Foam the foam water FL 04 
800-964 76-92 68 3,2-4,3 1.005-1.205 96-115 85 4,0-5,4 
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Figure 7. TBM speed (green, mm/min) vs Foam Figure 8. Water addition (litres/ring), Ring No. 
consumption (blue, I/ring) Ring No. 199-294. 199-294. 


TBM screenshots from the drivers cabin were taken from Ring 207 onwards. On site opti- 
mization of the soil conditioning parameters result in speeding up the TBM to 20-22,5 mm/ 
min and reducing the soil conditioner quantity by optimizing its efficiency. After some 20 
rings, the TBM speed was subsequently increased to 25-30mm/min since the machine was run- 
ning fine, reducing simultaneously the soil conditioner use from 200 I/Ring to 100-150 I/Ring. 

The findings from the laboratory testing were confirmed and the TBM was driving steadily 
with excellent advance rates without any problem. 

The TBM steady speed of 25-30 mm/min in Frankfurt Clay could be easily maintained even 
with TBM crown pressures of around 2 bar. Also the pressure level itself could be easily main- 
tained, no air bubble in the crown level could be detected. The water injection was initially set 
to 6m3 per Ring to start on the safe side. It could be further reduced due to the smooth TBM 
operation to around 4m? per Ring, the lower end of the laboratory findings (see Figure 8). 


Figure 9. Conditioned Frankfurt Clay at station surface, June 2020. 


The soil could be easily excavated and transported by muck cars, the muck car emptying 
process was without any difficulties. The further manipulation with excavators and truck 
loading, truck transport and transfer to barge carriers was smooth and without any problems 
(see Figure 9). 


4.3 Unforeseens 


Sometimes — when everything runs according to plan and — things may change nevertheless. 

Figure 10 illustrates the standard TBM power consumption driving in flull face clay condi- 
tions with a quite steady level of around 50%. As reference for the soil conditioning the Foam 
consumption is used at quite steady level of 3 I/min. 
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TBM power consumption vs Foam consumption TÈM power consumption vs Foam consumption 


baja Ae Bt, SNA HA LT A 
AUT ARAL = EGE TA 


Figure 10. TBM electric power consumption vs Figure 11. TBM electric power consumption vs 
Foam consumption, Ring No. 620-626. Foam consumption, Ring No. 667-671. 


What happens if all TBM driving parameters remain the same, the soil remains the same 
and the TBM power consumption rises from 50% to 60% and finally 75%? 

Figure 11 illustrates well this increase in power consumption — and it took a while to realise 
that a worn out foam dosage pump was not delivering the quantity of foaming concentrate as 
she was supposed to deliver: The flow was reduced subsequently from the normal 31/min 
target value to 2.5 l/min down to 2.0 l/min. As stated already, the TBM soil conditioning 
parameters at the drivers screen were kept identical and no error messages occurred — so the 
malfunctioning went on a while before being detected. 

After replacing the posage pump and delivering the correct foam quantities, the power con- 
sumption went back to normal. This is also a quite nice example of the efficiency of the foam use. 


4.4 Muck analysis 


For environmental and disposal reasons, the excavated and conditioned muck underwent 
a environmental screening process. The test results given in figures 32 and 33 describe the 
effects of the soil conditioning, comparing values for the unconditioned soil with conditioned 
soil after 1 day as well as 4 days. 

Soil conditioning parameters used for the following muck analysis: MC-Montan Drive FL 
04, cF=2.5%, FER=10, FIR=80, WIR=6.5% 


iP Genet (Dazogen auf de Trockensutaianz) — = Gena pezogen od Ge Teocharestatanz) 

Parameter Enhed mt | mez] tet | a | 407 1 00g Nas | Neb? | 11 | 162 at 452 
= - = [pHwert i ji 75% | 755 | 7.84 

Arsen Es) 31,2 237 21 29.7 263 Lectancaes uSicm ss: 2 | 755 
Bai 20 ral 18 ” 21.0 21.0 Naram so | 1170 | 980 
Kasum 250 | 260 | 20 

<02 <02 <D2 02 <02 <02 li 

t 4 ee n 1 <2 1, <8? 1 <6 Taioun ma | 430 | 259 
Chrom (gra amt) 53 S av 52 D 51 Ciera 6 | 222 | 18s 
Kuptor morta n 25 22 22 24 u“ C= 4 = pa = 
= Frond mgt J oa | o 

Nickel 4 at Be ae >. i ja, Craneo ' s 2 s s 3 
Theat taser o4 04 oa o4 04 0A Aner 2 3 3 2 z 2 

Quecksiber <007 0,06 007 “007 <007 0,07 oe <j <0 | es | <t [oes j 
z Casma <03 | <03 | <03 | <03 | <03 | <03 
Beh + 17? re = or fa 7S Crom (gesarnd <1) <1) <1 | ajaloo] 
TOC ux | a9 | a [ a [ ae | ao [en reper as | es | ee | es [<e f <s 
EOX <1 <1 <1 <1 Neket 2 z2 | 2/3 {2 2 
"Ef — + a ~~ + + = Thaim <03 2 02 az 

Kohlenwassorstotie C» = Cr == oe <s <3 340 =. Quecksiber vot oz | <02 | <02 | <02 02 02 
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Figure 12. Solid content test results (excerpt) of con- Figure 13. Eluate test results (excerpt). 
ditioned Frankfurt Clay. 


None of the results show a significant change due to the soil conditioning, no metals were 
mobilized and even the TOC in the soilid content test did not change really. 

The Eluate results show only an increased Na content due to the soil conditioner used. The 
Sulfate values vary a lot even in the untreaed soil, an indicator for geogenic soil contamination 
(see also chapter 3.3.1 annulus grout). The conductivity results are influenced accordingly. 
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5 2-K ANNULUS GROUT 
For the first time in in a german inner city project, 2k annulus grout has been used. 


5.1 Requirements & formulation 


The concerns on durability, lifetime and on ecologic aspects were high. Therefore a sulfate 
resistant CEM III has been used for the annulus grout. 


Formulation 

Cement (CEM III/A 52,5N-HS/NA) 200 kg/m? 

Bentonite 40 kg/m? 

Water 883 kg/m? 

Plasticiser Grout 02 10 kg/m? 

Accelerator 103 kg/m? 

Gel time: 10-15 sec 

Bleeding: < 3% after 24h 

Shear strength: 2h:98 kPa*s; 4h: 120 kPa*s; 6h: 185 kPa*s 
Compr. strength: 24h: 1.5 N/mm?; 7d: 1.8 N/mm?; 28d: 3.1 N/mm? 


5.2 Ultrasonic fault detection 


Various tests were carried out to check if the annular gap was completely filled with 2-compo- 
nent grout. Because of the high groundwater pressure and in order not to damage the seg- 
ments, the use of control drillings was minimized. 

An ultrasonic measuring device was used as an equivalent measuring method. This device 
was calibrated before each measurement on a sample segment (width 1.2m, thickness 0.45m). 
It was taken 3 measurements per ring and on over 150 rings per tube. 


Figure 14. Ultrasonic reference measurement. Figure 15. Ultrasonic site measurment of ring No. 80. 


The reference measurement in Figure 14 shows well the segment concrete material (dark 
area from 0-0.45m), the gap (red area at around 0.45m) as well as the different material from 
0.50m onwards. The site measurement of ring No. 80 (Figure 15) indicates well again presence 
of the 3 different materials (segment, annulus grout, soil) without detection of any gap area 
which would be coloured in red. 
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6 TAIL SEALANTS 


The U5 extension project used the highly ecologic MC-Montan Seal ST11 tail sealant, based 
on renewable oils and exempt of plastic fibres to protect the environment as best as possible. 
Furthermore, HDT 200 T press plate pumps were plug and play installed on the gantry to 
ensure an almost revision free pumping. For the whole project, the sealing sets had to be 
replaced only once for the total of the 2 drives. 


Tail sealant [kg/m?] 


10,00 
9,00 
8,00 
7,00 
6,00 
5,00 
4,00 
3,00 
2,00 
1,00 
0,00 


kg/m? 


Figure 16. HDT 200 T press plate Figure 17. Tail Sealant consumption in kg/m? over the project 
pump for tail sealants. rings. 


The ST11 tail sealant worked very well with identical consumptions rates compared to the 
industry benchmark — despite relatively high EPB pressures and relatively liquid 2k annulus 
grout used. Over the whole project, the medium consumption reached 1.6 kg/m? segment surface. 


7 COMPRESSED AIR WORKS 


Towards the end of the TBM tunnels at the Platz der Republik, one of the citys most import- 
ant traffic junctions, the new tubes are connected to the existing underground structure. As 
part of this connection, the shield of each EPB-TBM being used will remain in the ground. 
Originally, for the last stretch of tunnel between the segmental tunnel and the existing struc- 
ture, the production of a DSV sealing block from the terrain surface and ground freezing 
bores from the existing structure were planned. Under the protection of these measures, the 
construction gap should be closed using conventional tunnelling. 

To keep all traffic be maintained at the junction, the planning was optimized and imple- 
mented jointly by the client and contractor in such a way that the connection to the existing 
underground structure at Platz der Republik was fully mined without any significant above- 
ground activities. 

However, due to unexpected obstacles, the mining connection to the existing structure had 
to be adjusted and partly replanned during the ongoing tunneling. 

A lowering of the ground water, as realized in the past of the Frankfurt subway construction, 
is no longer executable today in terms of approval law. For this reason and the requirement for 
redundant security systems, implemented for each individual construction phase, the essential 
components of the final mining solution are slightly modified injection measures compared to 
the original planning, the adaptation of the freezing bodies that were planned anyway, and the 
targeted use of compressed air. Especially the compressed air works including cutterhead disas- 
sembly (hot works), the conventional tunnel driving and creating of the inner lining made high 
demands on the safety concepts. The works took place under a pressure of 1.5 bar. 
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Figure 18. Air lock. Figure 19. Design of the conventional tunnel 
drive to link with the existing structure. 


8 CONCLUSION 


The flying EPB start with artificial soil was as easy as efficient. It has been successfully 
repeated already at other jobsites. 

The laboratory soil conditioning proposal with respect to the TBM parameters gave perfect 
and safe starting conditions for each main geology, avoiding clogging from the beginning. 
Only small scale-up adaption was realized on site — reducing the proposed foam and water 
consumption. The decision to drive the TBM with a steady speed especially within the clay 
section was definitely the right one, cutterhead and working chamber blockage was very suc- 
cessfully avoided even under high EPB pressures throughout the whole project by using 
adapted anti-clay foam. 

The used 2k grout worked perfectly in inner-city conditions, the use of sulfate resistant 
cement did not lead to any difficulties. The tail sealant pumps worked well under all conditions 
with just 1 service; and the highly ecologic tail sealant was as efficient as the industy standard, 
with bonus points for using renewable raw materials and easy acceptance from the author- 
ities — similar than for the soil conditioning chemicals. 

The compressed air works are successfully ongoing, the disassembly of the 2 TBMs worked 
as planned where as the original planning of the freezing bodies needed to be adapted to the 
actual conditions. 
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ABSTRACT: The main challenges related to TBM excavation under high water pressure are 
investigated on the example of the JWPCP Effluent Outfall Tunnel Project. The tunnel will 
transport secondary treated effluent from the Joint Water Pollution Control Plant in Carson, 
California. With a total length of approximatively 7 miles, a finished internal diameter of 18 
feet, it will be excavated by using a TBM designed to cope with high water pressure up to 10 
bar. The unicity of the project is due to the variety of subsurface conditions: over the first half 
of the alignment the tunnel runs in urban area at low overburden, while the second half of the 
alignment is characterized by higher overburden and water table along with extremely weak 
rock mass. 


1 PROJECT OVERVIEW 


The new Los Angeles, California JWPCP Effluent Outfall Tunnel (shown in red in Figure 1) 
will transport secondary treated effluent from the Joint Water Pollution Control Plant in 
Carson to White Point Manifold at the coast. The purpose of the project is to provide relief 
and redundancy to the existing tunnels (shown in green in Figure 1) as well as providing add- 
itional overall conveyance capacity [GBR, 2018]. The tunnel will be approximately 7 miles 
(11.3 km) long with a finished internal diameter of 18 feet (5.49 m). 
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Figure 1. Project area (adapted from Figure 1-1, Geotechnical Data Report, Fugro, 2017). 
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The tunnel will be excavated using a Mix-shield TBM (Figure 2) with precast segmental 
concrete lining designed to cope with the baseline maximum water pressure of 9.1 bar (accord- 
ing to the Geotechnical Baseline Report -GBR, 2018). 

The northern portion of the tunnel alignment is beneath relatively flat terrain and extends 
from the JWPCP shaft site to approximately the intersection of North Amelia Avenue and 
West Capitol Drive. It will pass parallel to and cross under Machado Lake within the Harbor 
Regional Park at approximately 40 feet depth. To the south of this intersection, the terrain 
steepens through the Palos Verdes (PV) Hills and falls again to the White Point Shaft. The 
overburden varies between 30 feet approaching to the White Point Shaft to 450 feet in the PV 
Hills. The tunnel inclination is approximately 0.1 %. The alignment runs 68 % underneath 
urban development including Harbor Freeway and 32 % underneath greenfield. 


2 GEOLOGICAL AND HYDRO-GEOLOGICAL CONDITIONS EXPECTED ALONG 
THE TUNNEL 


2.1 Geology 


Based upon the information provided in the GBR and the GDR, the TBM tunnel is expected 
to run through heterogeneous soils (Alluvium, Lakewood Formation and San Pedro Sand) 
over approximately 53% of the alignment (northern portion), Transitional Rocks (Lomita 
Marl, Malaga Mudstone and Valmonte Diatomite) for approximately 5%, and finally weak 
and intensively fractured rock mass (Altamira Shales and Point Fermin Sandstone) for 
approximately 42% (southern portion). 

The overburden in the northern portion varies approximately from 45 feet to 115 feet and it 
mainly consists of heterogeneous soils. In the southern portion, the overburden varies 
approximately from 115 feet to 450 feet and it mainly consists of transitional rocks and highly 
fractured, weathered rock mass. The tunnel will run through two major fault zones (Palos 
Verde Fault Zone and Cabrillo Fault Zone) and it may cross number of other unnamed faults 
and fault splays associated with the Palos Verde Anticlinorium and the Gaffey Anticline. 


2.2 Hydrogeology 


The hydraulic head along the tunnel alignment was determined from the installation and moni- 
toring of 28 observation wells and 12 Vibrating Wire Piezometers (VWP) in selected boreholes 
and is shown in Figure 3. The maximum undisturbed water pressure expected at the tunnel eleva- 
tion varies from 0.7 to 8.4 bar. The significant changes in groundwater levels are to be attributed 
to the presence along the alignment of several low permeability ground zones associated to the 
main geological structures acting as barrier to groundwater flow between the different aquifers. 

The hydraulic conductivity of the soil aquifers was evaluated by 14 slug tests. The hydraulic 
conductivity of the rock masses in the PV Hills was evaluated based on 126 Packer tests. The 
permeability of the soils is highly variable ranging from very low to very high (10-9 to 1 cm/s). 

The permeability of the Transitional Rocks varies between 1x10-5 and 1x10-3 cm/s, while 
the permeability of the Altamira Shale and the Point Fermin Sandstone varies between 1x10-7 
and 1x10-1 cm/s. There are major changes in ground permeability in fault zones from inten- 
sively fractured rock (high permeability) to major clayey fault gauge (low permeability). 


3 TBM EXCAVATION: MAIN GEOTECHNICAL HAZARDS AND MITIGATION 
MEASURES 


3.1 Overview 


Figure 3 shows the main expected geotechnical hazards over the southern portion of the align- 
ment (Station 195+50 to Station 367+41), strictly related to high water pressure and poor 
rock mass conditions, without considering support pressure. 
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3.2 Tunnel face instability 


The instability of the tunnel face is the main hazard scenario to be expected when tunneling 
through the Transitional Rocks and the intensively fractured/crushed rocks of the fault zones. 
Collapse (major or local) may occur also in slightly fractured but extremely weak rocks during 
interventions under atmospheric conditions and during advance in closed mode with partial 
compensation of the water pressure (i.e., support pressure lower than the undisturbed water 
pressure), if partially drained conditions prevail in the ground and high seepage forces develop 
ahead of the tunnel face. 

Figure 3 shows the location of the tunnel over which face instability may occur. 
A distinction between instability at short term (i.e., during regular TBM advance and short 
standstills) and at long term (i.e., during very low TBM advance rates and long standstills) is 
made (Anagnostou et al., 2017 and Schuerch, 2016). The potential critical sections with 
respect to the hazard of tunnel face instability at short term coincide with the portions of the 
tunnel excavated through transitional rocks and the intensively fractured and crushed rocks of 
Altamira Shale. The potential critical sections with respect to the hazard of tunnel face 
instability at long term coincide with the portions of the tunnel in extremely weak and low 
permeability rocks of Altamira Shale under high hydrostatic pressure. 

Due to the combination of open fractures and the high seepage forces, unexpected local instabil- 
ities at the face may occur even at the location where the risk has been deemed to be low. This risk 
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Figure 2. (a) Mixshield TBM (“Rachel”) at the Carson launch shaft; (b) TBM Layout (Herrenknecht, 
2019). 
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Figure 3. Expected hazards without considering support pressure for the southern section (Stations 
195+50 to 367+41). 


requires a careful evaluation of the face conditions before staring interventions. If required, this 
risk can be mitigated by locally increasing the operating pressure during advance and by means of 
ground improvement (grouting and/or drainage boreholes ahead of the tunnel face). 


3.3 Large water inflows 


Figure 3 shows the location of the sections potentially critical with respect to the risk of large 
water inflows. Based upon the in-situ measurements of the rock mass permeability provided in 
the GBR, these portions coincide with the tunnel being excavated through the rock mass with 
permeability higher than 10° cm/sec and hydraulic head higher than 60m. 

In case of high permeable rock mass, large water inflows occur when operating the TBM in 
semi-pressurized mode, i.e., at a support pressure lower than the hydrostatic one. During 
advance, large water inflows may cause the wash-out of the annulus grout and so, lead to 
a loss of the sealing of the tunnel walls and to a loss of embedment of the segmental lining. In 
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case of asymmetric loads acting on the lining (rock blocks, asymmetric thrust force), the loss 
of embedment may cause overstress conditions on the segments. 

Other risks related to large water inflow include: the overload of the slurry pumps; the 
excessive wear of the slurry line due to the dilution of the bentonite; the overflow of the sedi- 
ment basin due to the large quantity of the discharged bentonite; the large consumption of 
bentonite in order to guarantee the minimum required density of the bentonite. 


3.4 Jamming of the shield 


Jamming of the shield occurs when the radial gap between the shield and the ground closes 
and the resulting ground pressure acting over the shield leads to high skin friction that the 
maximum total thrust installed on the machine cannot overcome. The frictional force mobil- 
ized along the shield depends on the average ground pressure along the shield and on the fric- 
tion coefficient. The average ground pressure increases with the increasing overburden and 
with decreasing mechanical properties of the ground (stiffness and strength). In the case of 
time dependent ground response (creep and/or consolidation), the tunnel ground pressure 
increases with the duration of the standstill. 

Figure 3 shows the potential critical sections with respect to the hazard of shield jamming. 
They correspond to the portions of tunnel to be excavated through the transitional rocks and 
through the extremely weak rocks and intensively fractured rocks of Altamira Shale under 
high overburden. 


4 TUNNELING OPERATIONAL PLAN (TOP) 


The Tunneling Operational Plan (TOP) was created during the design pre-construction phase 
based upon the identified main risks and their quantitative assessment. The TOP defines how 
the TBM shall be operated along the tunnel alignment and which additional measures are 
required during the advance and for the interventions. Figure 4 shows an extract from the 
TOP of the project. 


4.1 Support pressure 


For the expected ground conditions, the recommended support pressure during advance 
varies between 1.5 and 9.1 bar. 

Over the majority of the southern portion of the tunnel alignment, where massive to moder- 
ately fractured rock mass with low permeability is expected, undrained conditions apply and the 
tunnel face is anticipated to be stable without the support of the slurry pressure during advance 
and stoppages. The recommended support pressure is the minimum pressure required for the 
regular operation of the slurry circuit (1.5 bar). Locally, weaker rock mass (UCS < 0.5 MPa) may 
be encountered. The position and the extent of those zones is unknown. Over those portions, the 
TBM shall be operated in pressurized mode, i.e., full compensation of the water pressure, plus an 
overpressure of 0.2 bar that is required in order to ensure the stability of the face. The timely 
identification of these zones requires proper monitoring and interpretation of the TBM data. 

At the location of the fault zones (PVA fault zone between station 261+22 and 277+36 and 
the Cabrillo fault zone between station 306+08 and 314+00), where highly fractured rock 
mass with higher permeability is expected, drained conditions conservatively apply and the 
tunnel face is anticipated to be unstable without the support of the operating pressure. During 
excavation over these sections, TBM advance with the full compensation of the in-situ water 
pressure will ensure the stability at the front; stoppages for interventions and maintenance 
shall be avoided in these sections. 


4.2 Water inflows 


The TOP shows the values of water inflows expected under atmospheric conditions according 
to the values provided in the GBR (the values in brackets are the number of occurrences). The 
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expected maximum flush flow water inflow (dashed blue line) mainly varies between 110 gpm 
and 535 gpm (occurrence ranging between 3 and 8) and it is not expected to exceed locally 805 
gpm (occurrence equal to 1). The steady state water inflow under atmospheric conditions 
(dashed orange line) ranges from 2 gpm to 3.5 gpm. 

During TBM advance in semi-pressurized mode, the dewatering is carried out through the 
slurry circuit. The TBM operation parameters (i.e., support pressure, flow in the slurry and 
feed line) have to be continuously adapted during excavation in order to keep stable the level 
of bentonite in the chamber. 

During intervention under atmospheric conditions, the maintenance activities at the excava- 
tion and working chambers cannot be carried out if the water inflows are so high that is not 
possible to keep the water level in the excavation chamber below a certain value. The max- 
imum admissible water inflow during interventions under atmospheric conditions depends on 
the capacity of the dewatering system. The latter consists of dewatering lines connected to 
suitable ports at the bulkhead. 

In general, the regular dewatering capacity of the TBM equipment is sufficient to handle 
the water inflows in the majority of the cases. However, due to the combination of open joints 
and high seepage forces, the sporadic occurrence of higher water inflows cannot be disre- 
garded. To mitigate the risk of any disruption to the excavation activity due to large water 
inflow, the support pressure may be locally increased during advance. Additionally, in order 
to reduce the risk of high water inflows from between the extrados of the segmental lining and 
the annular gap of the shield (i.e., shunt flows), two-component backfilling grouting shall be 
regularly performed. During intervention, auxiliary measures may be required. 


4.3 Auxiliary measures for interventions 


The TOP shows the locations where the execution of auxiliary measures for limiting water 
inflows and avoid instabilities during interventions is unlikely (green bars) or required (red 
bars). 

The need of auxiliary measures is deemed to be unlikely in case of massive to moderately 
fractured rock mass with high UCS. The need of auxiliary measures is deemed to be required 
in case of extremely poor rock mass conditions (i.e., highly fractured and crushed rocks of the 
fault zones in the Altamira Shale and in the Transitional Rocks). 

In case of water inflow exceeding the dewatering capacity, stoppages for maintenance 
should be avoided. However, if planned maintenance is deemed necessary, mitigation meas- 
ures need to be implemented. 

In order to rapidly identify potential natural safe havens for the safe execution of inspec- 
tions and maintenance under atmospheric conditions in advance, the following can be 
reviewed: 


— Regular evaluations of real-time TBM- and STP parameters; 

— Systematic checking of the muck at STP; 

Regular verification of full compensation of backfill grout (i.e. no annulus gap) to ensure 
no shunt flow has initiated; and, 

— Frequent large-scale permeameter tests. 


These tests allow for a safe and quick assessment of the water inflows expected under 
atmospheric conditions as well as the estimation of the in-situ rock mass permeability without 
requiring a complete depressurization of the excavation chamber (Anagnostou et al. 2018, 
Tamburri et al. 2019). During the test, strict observations of the TBM parameters, of the 
drained water and of the muck are required in order to detect the possible onset of instabil- 
ities. The test has to be interrupted in case of unmanageable water inflows or unstable face. 

If a natural safe haven is not identified, three alternatives for an intervention exists: (1) an 
increase of the dewatering capacity system in the excavation- and working chamber (i.e., by 
installation of pumps); (ii) an intervention under atmospheric condition in a pre-grouted safe 
haven executed from the pressurized TBM; (ii) a high pressure hyperbaric intervention under 
a working pressure defined in the TOP. 
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Figure 4. Extract from the Tunneling Operational Plan — TOP (Stations 195+50 to 367+41). 


4.4 Measures against shield jamming 


The TOP shows the recommended measures to be implemented during advance to reduce or 
mitigate the risk of shield jamming. 

According to the expected geotechnical conditions, over the majority of the southern por- 
tion where massive rock mass will be encountered, it is plausible to assume the ground 
response to tunneling to be undrained. Otherwise, in highly fractured, cohesionless and weak 
rock mass (expected at the location of PVA fault and at the location of the Cabrillo fault 
zone), it is plausible to assume the ground response to be drained. In both conditions, and 
assuming continuous lubrication of the shield extrados (with the same slurry used for face sup- 
port), the required total thrust is expected to be lower than the nominal total thrust of the 
TBM during continuous excavation. 

During restart after standstill under atmospheric conditions in massive rock mass, the risk 
of shield jamming strongly depends on the annular gap around the shield. In case of high 
wear of the gauge cutters, and thus smaller gap, the risk of jamming increases. At the location 
of the fault zones, stoppages for interventions and maintenance shall be avoided as the risk of 
shield jamming is high. 
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5 CONCLUSION 


The main challenges of the JWPCP Effluent Outfall Tunnel Project are related to mining 
under high water pressure, in combination with high rock mass permeability and poor rock 
mass conditions. For this project, this mainly results in the risk of instability of the face and 
the occurrence, at least locally, of large water inflows. In such conditions, it is of fundamental 
importance to carefully interpret the hydrogeological conditions to be expected during excava- 
tion and to define in the pre-construction phase the optimal TBM operation parameters that 
can be graphically summarized in the Tunneling Operational Plan (TOP). Based upon the 
expected conditions and the quantitative assessment of the identified risks, the TOP defines 
how the TBM shall be operated along the tunnel alignment and which additional measures 
are required during advance as well as to safely perform interventions and maintenance. 
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ABSTRACT: The crossing of fault zones by underground works is often coupled with ser- 
ious technical problems for tunnel boring machines. Fault zones may sometimes act as highly 
conductive groundwater channels or natural flow barriers. Such barriers can develop very- 
high water pressure behind or inside them. Crossing through them, especially with deep galler- 
ies, there is a considerable risk of meeting a sudden flow of water and crushed rock material 
under high pressure. Squeezing problem and collapse of tunnel surrounding rocks may also 
cause long delays in tunnel advance due to jamming of shield or cutterhead. So, to avoid diffi- 
culties in tunneling projects, it is very important to identify the main characteristics of fault 
zones and predict material behavior in such complex zones before crossing them by TBM. 
Knowledge gained from the application of TBM in different types of fault zones in various 
geological conditions can be utilized as a tool for predicting tunneling conditions in a given 
geological situation. In this paper, based on the experiences gained from mechanized tunneling 
in Iran and considering the most important influencing factors, a preliminary proposal for the 
classification of rock mass behavior and geological hazards in fault zones has been presented. 


1 INTRODUCTION 


A review of the events that occur during mechanized tunnelling through fault zones, shows 
that tunneling situations in fault zones can be very diverse, from very difficult conditions in 
deep fault zones containing huge amount of water (high pressure aquifers) to normal condi- 
tions in faulted and crushed rocks which comprise dry, cohesive, stable materials with good 
boreability (Hassanpour et al. 2010, 2011, 2015, 2021). In fact, the presence of faults in the 
path of mechanized tunnels, when employing a suitable machine, is not always a problem con- 
sidering the capabilities of modern tunnel boring machines. There are many examples of 
major fault zones that the tunnel boring machine has passed through them without 
a significant problem. Therefore, fault zones in mechanized tunneling projects can be divided 
into three groups of moderately favorable, unfavorable and very unfavorable faults. 

In this study, an attempt has been made to present a preliminary suggestion for classifying 
the difficulty of tunneling in fault zones based on the experiences obtained from mechanized 
excavation in different fault zones that have been identified in major tunneling projects in Iran. 
In order to perform this classification, it is necessary to identify the factors affecting the behav- 
ior of faulted rock masses in tunnels and clarify their impact based on different case studies. 


2 IRANIAN MECHANIZED TUNNELING PROJECTS AND MAJOR FAULTS 


In recent years, many long and deep tunnels have been constructed in Iran, mainly for the 
purpose of transferring water between two adjacent basins. These tunnels have passed through 
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various geological formations. On the other hand, many faults have cut these geological for- 
mations along the tunnels’ alignment. The importance and significance of these faults are very 
varied. Some are well-known faults that are very important in the geology of Iran and have 
been studied from different points of view. Some are less known or may have been identified 
during project studies. Table 1 shows the list of tunnels in Iran and important and known 
faults along their path. 


Table 1. List of recent mechanized tunnels constructed in Iran along with identified faults. 


Length Main recognized Major faults identified in site 
No Tunnel Project (km) Geologic zone Faults investigations 
1 Karaj: Lot 1 16 North of Tehran A few major and several minor 
2 Karaj: Lot 2 14 Poorkan-Vardi faults 
3 Alborz 6 Kandovan Many major and minor faults 
4 Lar-Kalan: Lot1 7.5 Alborz zone Many major and minor faults 
5 Lar-Kalan: Lot2 20 Mosha Many major and minor faults 
6 Metro Line 6: 6 North of Tehran F1-f3 
Sout.ext. 
7 ZagrosLot2-1 20 A few major and minor faults 
8 Dez 12 A few minor faults 
9 Chamshir 74 Zagros simply A few minor faults 
10 Konjancham 12 folded zone A few minor faults 
11 Bazi-Deraz 8.4 5 major and a few minor faults 
12 T4 4.0 A few minor faults 
13 Koohrang HI 23 Zarab Shahriari, lagharak, 
14 Zagros Lot 2-2 3 Main Zagross F. A few minor faults 
15 Zagros- Lot l-a 13.7 High Zagros zone Hirta Many major and minor faults 
16 Zagros- Lot l-b 9 Many major and minor faults 
17 Sabzkuh 10 Several major and minor faults 
18 Ghomrood — 11 Many major and minor faults 
Lots 1 
19 Ghomrood — 24 Many major and minor faults 
Lots 2-3-4 f 
20 Ghomrood — 9 Sanandaj = Many major and minor faults 
Lot 5 Sirjan zone 
21 Golab: Lot 1 10 Many major and minor faults 
22 Golab: Lot 2-1 10.4 Many major and minor faults 
23 Golab: Lot2-2 6.6 Many major and minor faults 
24 Kanisib: Lot 1 15 Many major and minor faults 
25 Kanisib: Lot 2 20.6 Orumieh — Dokh- Many major and minor faults 
26 Kerman: Lot 1 19 tar zone Lalezar Many major and several minor 
27 Kerman: Lo2 19 faults 


3 GEOLOGIC HAZARDS IN FAULT ZONES 


Sometimes mechanized tunneling in fault zones is associated with many difficulties. On the 
other hand, in some cases, passing through faults and their surrounding zones (even in very 
well-known and important fault zones) by TBM is not associated with a big problem. The 
problems that occur when tunneling with a TBM in fault zones are various. The potential for 
problems such as water inflow in karstic zones, squeezing, roof and wall collapse, instability 
and roughness of the tunnel face (Figure 1) are among these problems that can have signifi- 
cant negative effects on the performance of the machine. 


3.1 Ground squeezing 


This phenomenon is one of the most important problems that has the potential to occur in 
poor rocks of fault zones, under high in situ stress conditions. In extreme cases when the 
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machine is stuck due to high convergence of the surrounding rock of the tunnel, long delays 
may occur to free the trapped machine. Two factors that influence the occurrence potential of 
squeezing phenomenon in tunnels are geomechanical properties and depth of tunnel (or in- 
situ stress level). 

In Iran’s tunneling projects, this phenomenon has occurred, especially in the fault zones in foli- 
ated sedimentary and low-grade metamorphic rocks, wherever the overburden was more than 
250m (Figure 2). For instance, squeezing ground was the main geotechnical problem that hap- 
pened in the Ghomrood project and caused long delays and subsequently, drastic drops in 
machine’s average utilization factor (Figure 2a, b). This problem mostly occurred in foliated rocks 
(shale, slate, and phyllite beds) in chainages 3000-6000 m, where due to existence of a fault zone 
with strike parallel to the tunnel alignment (and poor geotechnical properties of surrounding 
rocks) and also relatively high overburden (>300m), geological conditions were unfavorable. High 
convergence of surrounding rock in this section of tunnel caused machine stuck and shield jam- 
ming in many points and consequently caused very long delays. In some cases, for releasing the 
machine, it was required to dig the rock around the shield (see Figure 2a, b). 


(e) 


(g) 


Figure 1. Schematic views and sample pictures of the potential for problems such as a-d) instability and 
roughness of the tunnel face, e, f) water inflow in karstic zones and g, h) roof and wall collapse, in fault zones. 
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(c) (d) 


Figure 2. Occurrence of squeezing and TBM (shield) jamming in chainage 3550m of Ghomrood tunnel; 
a) convergence of ground and contact of rock with segment and shield; b) making free shield by mining 
the surrounding rock and stabilizing it temporally by timbers; c, d) occurrence of squeezing in the first lot 
of Zagros tunnel and digging the rock behind the shield. 


3.2 Water inflow and developed karstic zones 


The inflow of underground water into the tunnel is a common phenomenon in fault zones 
that pass through underground aquifers. This phenomenon is especially expected in carbonate 
aquifers where the karst phenomena are prominent. In the main mechanized tunneling pro- 
jects of Iran, several examples of water entering the tunnel in fault zones located in carbonate 
rocks have been reported. While in most of these projects the tunneling activities have faced 
only a series of temporary small problems (Figure 3), in some cases the entry of a large 
volume of water into the tunnel has caused long delays in the machine advance (see Figure 4). 

Many factors affect the amount of water entering the tunnel, the most important of which 
are the permeability of the rock mass (which itself depends on the lithology and the type and 
conditions of the structures in the rock) and the water head above the tunnel. 


3.3. Raveling grounds and tunnel collapse 


The collapse of the tunnel roof and walls is one of the most common geological hazards in 
tunnels when passing through fault zones. When the tunnel is deep and the water pressure is 
high, this phenomenon is very dangerous. However, occasionally even in the tunnel sections 
with less overburden and dry condition, this phenomenon can become a big problem and 
cause the project to be stopped and the TBM to be withdrawn. 

There are many examples of large collapses in Iran’s mechanized tunnels in the main fault 
zones. Although many of these collapses have been successfully overcome due to the capabil- 
ities of shielded machines, some of these incidents have caused long delays in tunneling activ- 
ities (Figure 1g and h). Parameters such as rock lithology, tunnel overburden, underground 
water pressure, and the width of the crushed zone can be the main parameters affecting the 
occurrence of this phenomenon. 


2248 


Figure 3. Water inflow into the tunnel and its difficulties for tunneling processes. 


3.4 Unstable, blocky and rough face 


Another geological condition that may cause difficulties for the TBM advance during excava- 
tion is blocky grounds. Blocky grounds are usually present in the crushed zones around the 
core of the faults. In this situation, as can be seen in Figure la and b, depending on the size of 
the rock blocks formed in the tunnel face, block-falls of different dimensions occur. This pro- 
cess creates a rough surface in the tunnel face. In this process, the orientation of discontinu- 
ities and their surface conditions are also very important. The release of rock blocks and 
creating a rough surface causes many difficulties in the cutting process beneath the disc cut- 
ters. Successive blows to the cutter head and disc cutters cause excessive vibration of the 
cutter head, chipping of the disc cutter rings and rapid destruction of the disc cutter hubs. The 
released blocks that are placed in the space between the tunnel face and the cutterhead can 
increase the torque of the machine and jam the cutterhead, as well as cause serious damage to 
the cutterhead, disc cutters and the material transporting system. 


4 CLASSIFICATION OF FAULT ZONES 


As mentioned above, based on the geological and hydrogeological conditions of the tunnel, 
the faulted rock masses may show different behaviors (collapse and raveling, squeezing, 
unstable tunnel face). Each of these behaviors depends on various factors. In this study, 5 dif- 
ferent factors which affect the occurrence of various geologic hazards, have been used to clas- 
sify the fault zones along the mechanized tunnels. These factors include 1) lithology, 2) 
overburden, 3) water pressure head, 4) discontinuities conditions (roughness, weathering, 
aperture, filling materials, length, spacing) and 5) faults specifications, and have been selected 
based on the experiences gained from studying the characteristics and hazardous phenomena 
that have occurred in a large number of fault zones along Iran’s large tunnels. 

The 5 selected factors have been weighted separately for 4 main hazards (including water 
ingress, tunnel collapse, unstable face and squeezing) using engineering judgment and by ana- 
lyzing experts’ opinions. Table 2 shows the overall weights and ratings of subclasses assigned 
to the five selected parameters for calculating hazard indexes related to four geologic hazards. 
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As can be seen in the lower part of Table 2, for each of the 4 geologic hazards, an index and 
a separate equation is provided to determine their relative occurrence potential. These 4 indi- 
ces can be used as criteria for classifying fault zones in three categories: 1) moderately favor- 
able, 2) unfavorable and 3) very unfavorable faults. 


Table 2. Preliminary proposed classification of fault zones hazard in mechanized tunneling projects. 
icologic hazards 


Parameter 


Water ingress 
Collapse and 

Unstable and 

blocky face 


raveling 
Squeezing 


‘arbonate rocks 
rgillaceous rocks 

Joarse grained detrital rocks 
Strong plutonic rocks 


Sedimentary rocks 


Lithology 
(LI) 


Igneous rocks 


Pyroclastic rocks 


etamorphic rocks 


Overbur- |< 100m (Shallow tunnels) 

den and |100-300m 

stress level|250-500m (Deep tunnels) _ 

(OV) f500m (very deep tunnels) 
o 


high (>200m) 
Very poor (Slickensided, highly weathered surfaces with soft filling) | 
Poor (Slickensided, highly weathered surfaces with compact filling) 
Fair (Smooth, moderately weathered and altered) 
100d (Rough, slightly weathered, iron stained surfaces) 
200d (Very rough, unweathered surfaces) 
. Long active faults (L>50 km) with a wide zone 
Fault spec-|Long active faults (L=10-50km) with a moderate zone 
ifications [Minor faults (L=1-10km) with a narrow zone 
(FS) 


Disconti- 
nuities 
conditions 


(DS) 


(0.20 LI + 0.50 OV + 0.05 PH + 0.25 DS) « FS 
Proposed (0.25 LI + 0.60 PH +0.15 DS) » FS 
prelimi- (0.05 LI +0.15 OV +0.40 PH + 0.40 DS) = FS 
nary Indi- (0.30 LI +0.20 OV + 0.50 DS) * FS 
ces*  |* The weights (coefficients) of the selected parameters have been obtained by engineering judg- 
ment and preliminary analysis of experts’ opinions. 


The variation range of each of the introduced indexes for a fault is between 0 and 10. The 
bigger these indexes are for a fault zone, the greater the risk and the more negative effect of 
that fault zone on tunneling activities. The values of all these 4 indexes in moderately favor- 
able faults should be less than 6. In very unfavorable faults, the value of at least one of these 
indexes must be greater than 8. 


4.1 Main Zagros Fault (MZF): An example of a very unfavorable fault 


The Main Zagros Fault (MZF) and its branches, with a long length (> 2000 km) and NW-SE 
trend are one of the most well-known faults in Iran located on the border between the two 
important geological zones in the western and southern parts of Iran (simply folded and High 
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Zagros zones) where many tunneling projects have been constructed during last years (Good- 
arzi et al. 2021) 

The Zagros water conveyance tunnel with a total length of 50 km in a part of its route (chai- 
nage 19 to 21km of second lot) passed through this wide and complex fault zone. The second 
lot of tunnel was constructed using a double shield machine with a diameter of 6.73m. Geo- 
logically, the tunnel in this section consists of limestone beds folded in the form of a huge anti- 
cline. The maximum overburden in this part of tunnel is about 500m. The huge influx of 
water (> 5 m*/s, in one event) along with the mud in the very developed karst zones in this 
main fault caused many problems and difficulties in the tunneling activities of this section 
(Figure 4). 


Figure 4. The difficulty of working in the second lot of the Zagros tunnel when encountering water and 
gas bearing faults (the need to use masks and oxygen capsules, the difficulty of the movement of person- 
nel and trains, the washing of the pea gravel from behind the segments). 


In the case of this fault, values above 7 are obtained for two indexes of Wi-I and Uf-I, which 
indicates that this fault is dangerous. The presence of soluble carbonate rocks, high overburden 
and groundwater pressure and wide fault zone are among the effective features in evaluating 
this fault as a very unfavorable fault. 


4.2 Poorkan-Vardij Fault: An example of a moderately favorable fault 


The Poorkan-Vardij fault is considered one of the important and active thrust faults in the 
central Alborz area, where the Karaj water conveyance tunnel was built with a double shield 
machine. Despite the concerns of possible problems when crossing this fault, the TBM passed 
through the crushed and very blocky rocks of this wide fault zone without any special 
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problem. Despite the wide fault zone (400-500m) and high overburden (>450m), due to the 
presence of impervious pyroclastic rocks (ash tuff, tuffaceous sandstone) and the lack of devel- 
oped high-pressure aquifers in this section, not only no negative phenomenon caused the 
machine to stop, but due to the lower quality of rock masses in this section, the penetration 
rate of the machine increased to some extent (Hassanpour and Rostami, 2009). According to 
the calculated values for the four indexes introduced in Table 2, this fault in the 2"4 lot of 
Karaj water conveyance tunnel can be classified in the category of moderately favorable 
faults. 


5 CONCLUSION 


In this paper, based on the experiences gained from several long and deep tunneling projects 
in rock, constructed in various geological zones of Iran, a preliminary proposal was presented 
for the classification of the behavior of fault zones in mechanized tunneling projects. In this 
classification, five effective parameters were used to classify the susceptibility of four common 
risks in fault zones in these types of tunnels. Based on this classification, fault zones can be 
classified as moderately favorable, unfavorable, or vey unfavorable fault zones which denote 
different tunneling difficulties during the construction and post-construction phases. 

Obviously, to improve this initial classification and validate its results, it is necessary to 
develop and complete a comprehensive database of tunnelling experiences in fault zones with 
different geologies and to perform a more detailed analysis of the collected data. 
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ABSTRACT: Urban Metro Tunneling in Mumbai has recently witnessed a positive break- 
through in last few years and Mumbai Metro Line-3 is one such project planned fully under- 
ground from Colaba to Seepz and in construction stage. Tunnel construction in the financial 
capital of India has its own unique set of challenges including presence of shallow ground- 
water table, sound bed rock, presence of heritage buildings, some of them are severely dilapi- 
dated, with heavy traffic movements on roads. This study is based on the case of Hutatma 
Chowk station of the Mumbai Metro Line-3 project, where it was proposed to construct 
a part of the station below the road and one platform tunnel of 253 m long, 9.7 m height, 
11.78 m wide below heritage buildings by conventional tunneling due to topographical con- 
straints. A rock pillar of only 3 m was available between the east side wall of the station box 
and the platform tunnel. Legal and regulatory circumstances led to a situation where the 
TBM would have been on hold for about 26 months having cascading effects on linear activ- 
ities. This study analyses the challenges faced leading to an innovative and unorthodox solu- 
tion and sequence of works resulting in minimum impacts on construction schedule. 


1 INTRODUCTION 


Typically, underground stations in congested metropolitan cities in India are located under 
the roads, where they are excavated and constructed by Cut and Cover Method. In the present 
case, the project design was constrained by a narrow but major road with heritage buildings 
on its both sides, which did not permit such a construction. This station was therefore planned 
to have a narrow box on one side with one track and platform passing through it and the 
other track with integrated platform to be constructed in a tunnel constructed below the heri- 
tage buildings by conventional tunneling. 

The tunnel part of the construction was envisaged to start after completion of excavation 
and base slab of the Cut and Cover part of the station box, followed by ‘sideways’ excavation 
of cross passages by conventional tunneling. These cross passages were in turn to act as the 
excavation faces for main platform tunnel of the station. These sequences had to be modified 
later as discussed in the paper. Blasting in hard basaltic rock terrain of deccan traps below 
heritage buildings, some of them in dilapidated conditions, was also a challenging task as the 
tunnels were to be built with a shallow cover of 16 m. 

The excavated dimensions of the D shaped platform tunnel are 11.78 m wide and 
9.7 m height with cross sectional area of about 100 m2. A total of 8 cross passages are 
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constructed from box side to connect with platform tunnel. The layout plan and section of 
platform tunnel and connection with station through cross passages is shown in Figure 1. 
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Figure 1. Indicative cross section of Hutatma Chowk Station. 


All connecting passages are categorized into three types having different dimensions. Four 
number of type A category have excavated dimensions 8.5 m wide and 9.22 m height, two 
number of type B category have excavated dimensions 4.6 m wide and 7.5 m height and remain- 
ing two number type C category have excavated dimensions 5.2 m wide and 7.9 m height 
(Figure 2). All the cross passages are excavated using conventional tunneling method which 
involved excavation by “drill and blast” using commercial explosives and accessories. 
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Figure 2. Layout and excavation geometry of main platform tunnel and cross passages. 


Because of topographic and logistical reasons long tunnel drive on the TBMs of both the 
UP and DN metro lines were envisaged from the Cuffe Parade station, a location about 3 Km 
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away from this station site. There were two more metro stations between the TBM launching 
location to the Hutatma Chowk station. These TBMs were to drag through this station, one 
in the box part and the other one in the Platform Tunnel part of the station. The TBMs were 
to proceed towards the next metro station site where the retrieval shaft was located. 
A schematic plan of the long tunnel drive with interim stations is shown in the Figure 3 below: 


Figure 3. Layout of stations and tunnels in package 1 of Mumbai Metro Line - 3 Project. 


2 GEOLOGY 


Mumbai Metropolitan Region (MMR) forms a part of great volcanic activity known as deccan 
traps. Variety of basaltic flows and associated rocks including volcanic breccia, tachylyte bas- 
alts and inter-trappean beds of shale with tuff bands. Spheroidal weathering of basaltic rock 
mass at shallow depths are quite evident in various projects executed earlier. Continuous pres- 
ence of the water along joints in basaltic rock mass brings decomposition of rock mass is wit- 
nessed by rocky beaches along the western shore of Mumbai (Colaba, Worli and Bandstand). 

Geotechnical investigations carried out along the tunnel alignment at about 50 m average 
spacing and up to 6 m below the tunnel invert showed Basaltic rock mass in all boreholes with 
UCS ranging from 50-125 Mpa along the tunnel section and at the station site. Permeability 
of rock mass ranged between of 9-40 lugeon indicating possibility of encountering open joints 
with water seepage. Based on the geological interpretation from borehole data, substrata were 
divided into three main geological units consists of filled up material, weathered rock and bed 
rock of WG-I/II greyish basalt. At the tunnel section, WG — I/II basalt encountered all along 
the tunnel alignment with 3 joint sets. 


3 COMPLEXITIES INVOLVED IN CONSTRUCTION OF HUTATMA CHOWK 
STATION 


The construction was planned in the following sequence: 


a. Secant Piling and Excavation of the Cut and Cover part of the Station along with related 
Earth Retaining Structures. One way Traffic decking above covering half of the box width 

. Construction of Base Slab and Walls, leaving space for cross passages 

. Strengthening of rock mass of the rock column at the cross passage locations 

. Excavation of cross passages, creation of free face 

. Excavation of platform tunnel for one of the platform and track 

. Construction of permanent lining (Invert, Overt and Cross passage RCC) 


=o aa T 


2255 


g. Breakthrough of TBMs arriving from the Cuffe Parade side in the fully constructed Box 
and platform tunnel parts of station. Subsequent drag in the station length and re-launch 
towards the retrieval shaft located at the next station site 

h. Construction of Platforms, other civil and MEP infrastructure and Architectural finishes etc. 


Surface structures above platform tunnel are heritage buildings which needed to be protected 
against ground movements, blast induced ground vibrations and any other construction induced 
impacts. Excavation stages included heading and multiple benching. Side slashing was adopted 
within the heading to further reduce the ground vibrations and to minimize the damage to the 
3m wide rock pillar between the box and the platform tunnel. Engineering Seismographs and 
real time accelerometers were installed at multiple levels in all the buildings above the tunnel 
alignment to assess and record the ground vibrations in terms of “peak particle velocity (PPV)”. 

The PPV was limited to 2.54 mm/sec against 5 mm/sec permissible as per contract specifica- 
tions for heritage buildings. Trials and optimization was done in blasting in initial stages of con- 
struction stage to achieve these objectives. The focus was to optimize the maximum charge per 
delay (MCD) as it is directly related to PPV and adopting controlled blasting techniques. 
Extended series of NONEL based detonators were used and thereby reducing the charge per 
delay number, total of 8-10 holes per blast, with reducing pull length and restricted to maxi-mum 
of 1.2 m deep blast holes with double peripheral line drilling to minimize the ground vibrations. 

During the course of construction, the planned construction sequence developed many add- 
itional complexities due to delays on account of legal impediments on tree felling and on 
working round the clock. Impact of construction on heritage buildings was considered risky 
by some parties. This led to adaptation of conservative vibration limits of 2.54 PPV, detailed 
earlier, during control blasting. Collectively these events on one hand slowed down the exca- 
vation of the station box and on the other hand delayed TBM breakthrough schedules. 

As a result, enough time was not left for the construction of the permanent lining of plat- 
form tunnel on which TBM drag-through was planned. It was assessed that if planned 
sequence re-mains unchanged the TBM would wait for over 26 months at the mouth of the 
station. This would also have cascading risks on the linear activities, not only on this contract 
package but on the adjoining package where the retrieval shaft was located. Covid pandemic 
hit during the most productive phase of both TBM and conventional tunneling further com- 
plicated the construction schedule. Holding the TBM for long periods below heritage build- 
ings was not an advisable option. 


4 SOLUTIONS IMPLEMENTED 


The development of a solution to this critical situation was an iterative process, wherein mul- 
tiple scenarios were created and subjected to the test of technical feasibility, constructability, 
schedule impact and related risks. These were debated between the Contractor, the Employer 
and the General Consultants for their respective pros and cons. 


TBM bore 25% face, Launch 


110.4m Heading Completed 71.7m Tunneling done 


Figure 4. TBM excavation within the platform tunnel. 


Finally, the following excavation sequence was adopted. 


a. Excavation of platform tunnel to proceed to whatever extent possible before arrival of the 
TBM. Following implications were identified and addressed: 
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a. Conventional excavation of heading and benching shall not be completed. 

b. Benching may not even start in some lengths of the platform tunnel. 

c. The TBM shall not have its drag on the base slab but in variable excavation profile in 
rock along the direction of its drive. 


b. There shall be multiple launches and breakthroughs within the tunnel as the excavation 
would not have been completed entirely. TBM operations shall have to be carried out in 
a work method never executed by TBM manufacturer in past. 

c. Multiple scenarios of TBM position with the platform tunnel are shown in Figure 4. TBM 
shall not have a full-face breakthrough. About 25% of the TBM face shall be below the 
excavated rock level. Setup for TBM launching cannot be placed at the required location 
as the base slab is not cast due to benching excavation not being completed and therefore, 
there is no space for the thrust frame as designed. 

d. Detailed schedule using BIM, P6 and Excel, developing visual scenarios were carried out. 
Discussions were held with the TBM manufacturer to arrive at the operational parameters 
of the TBM under various risk scenarios. The temporary segmental lining for this part of 
the tunnel was specially designed and executed. Needless to say, these involved multiple 
iterations and continuous redesign, re-planning, and resequencing. 


TBM boring through variable profiled excavated strata led to many challenges during the 
actual operation. Due to lack of bearing on the top 75% of TBM face, the TBM tended to rise 
above the intended vertical alignment leading to misalignment. 

The risk was that if the TBM keeps moving up uncontrolled then relaunch at the specified 
coordinates shall not be possible for the metro tunnel alignment. TBM excavation within the 
platform tunnel with a partly exposed cutter head is shown in Figure 5. 


Pr e 


Figure 5. TBM partial excavation within the platform tunnel. 


The problem was tackled using a multi-pronged strategy where the TBM RPM was reduced 
to minimize jerks and TBM was protected against the misalignment and rolls using anti roll 
mechanism, which was also indigenously developed. Some initial blasting and excavation were 
also done in front of the TBM to correct the vertical misalignment as and when required. 
Ring configuration was modified for relaunch without a reaction frame. 

TBM partial excavation occurred in three different stages as shown in the Figure 6 below. 
The first and the last stage includes partial excavation with 25-35% of the cutterhead cutting 
the benching portion and half ring installation for pushing the TBM forward whereas the 
middle stage includes full face excavation where platform tunnel was not at all excavated with 
installation of full ring. Half ring and full ring installation view is included in Figure 6. 
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Figure 6. Half ring and Full ring segment installation within the platform tunnel. 
5 BLASTING DESIGN 


Another important aspect in station construction is related to the reduced limits of PPV of 
2.54 mm/s in the blasting as: 


a. Free face could not be created using wedge cut and high charge blasts as is done normally. 
b. Even after free face creation, intensity of blasting as originally designed could lead to 
higher PPV values than permitted, which was not acceptable. 


This was solved by carrying out a global study of available blasting mechanisms and their 
impact. A solution was worked out by integrating two methods of excavation i.e., using drum 
cutter and subsequent small blasts with low charge and long delays. Further, real time instru- 
mentation was placed on the existing heritage buildings. Some components of building were 
to be strengthened. 

Double Line drilling method at the periphery was implemented and customized to prevent 
the ground vibrations from travelling beyond the excavation area to the extent possible. 
A typical sequence indicating the double peripheral line drilling, free face creation and periph- 
eral & side slashing using drum cutter and blasting is included in Figure 7. 

The works were carried out using a totally new, indigenously developed blast design and the 
focus of this design was to optimize productivity while reducing the ground vibrations to 
a lev-el which is acceptable. A comparison of the blast design as used in the same project 
(similar rock type) but a different location v/s blast design adopted at Hutatma Chowk is as 
shown be-low in Figure 8. 


6 CONCLUSION 


To summarize, the following was achieved: 


a. Critical excavation process was carried out without disturbing the heritage buildings and 
the construction schedule impact was minimized by opening multiple fronts. 

b. TBM waiting for a likely period of 26 months at the mouth of platform tunnel part of sta- 
tion was avoided. 
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Figure 7. Platform tunnel excavation sequence. 
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Figure 8. Non-Heritage Area (Cuffe Parade) V/s and Heritage Area (Hutatma Chowk) Tunnel. 


c. TBM successfully negotiated variably profiled excavated rock mass in the direction of its 


drive and could be relaunched at precise location for the metro line tunnel. 


d. TBM with half ring arrangement was driven through the benching inside platform tunnel 
thereby eliminating the need of heavy steel structures like hydraulic strand jacks & strands, 


spreader beam, pulling frame, loco supporting stool. 


e. Relaunching was done by taking support from the temporary full & half rings installed 


thereby eliminating the need of structural steel reaction frame & steel cradle. 


f. Conventional excavation in platform tunnel could continue without disturbing the heritage 


buildings with changed sequencing limiting impacts on construction schedule. 


With effective integration of all solutions, the tunnel excavation as designed in house has 
been completed as per the planned schedule and the complex TBM sequencing has been car- 


ried out to the satisfaction of all stakeholders 
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ABSTRACT: Five deep shafts are under construction as part of the Central 1 (C1) section 
of High Speed (HS2) Phase One, a new high-speed railway linking London to the Midlands, 
UK. These shafts form an integral part of the 16km long twin bore Chiltern tunnel providing 
ventilation and access for emergency interventions. The depth of these shafts varies from 35m 
to 67m depending on the vertical alignment of the tunnel and topography. Four of the shafts 
provide intervention and ventilation facilities, have an internal diameter of 17.8m, are formed 
using diaphragm wall construction. The fifth shaft, required only for intervention, has an 
internal diameter of 10.8m and is formed using cast in-situ caisson sinking method. The 
ground conditions at the shaft sites consist of a weathered chalk sequence which are compli- 
cated by the presence of infilled dissolution features. 

Along the C1 alignment the twin running tunnels are positioned at 25m centre to centre 
spacing. In the case of first four shafts the TBMs directly intersect the shaft walls forming the 
ventilation openings and service access routes into the tunnel. The fifth shaft has been located 
between the two running tunnels and service access to the tunnels is made via sprayed concrete 
lined adits. This paper describes some of the key design and construction challenges associated 
with these shafts. 


1 INTRODUCTION 


The HS2 Phase One project extends from London Euston to Birmingham Curzon Street and 
has been divided into several Design and Build civil works contracts. Align JV (a joint venture 
of Bouygues Travaux Publics, VolkerFitzpatrick and Sir Robert McAlpine) was awarded the 
Central 1 (C1) Main Works Civil Contract (MWCC) for 21.6km of high-speed rail infrastruc- 
ture, including a 3.4km viaduct across the Colne Valley, 16km twin-bored tunnel under the 
Chiltern Hills (an area of outstanding natural beauty) with two tunnel portals and five tunnel 
shafts located in a rural area, refer to Figure 1. 

The design services are provided by Align, Jacobs and Ingerop, that form the design team- 
Align D. A typical shaft, head house and tunnel interface arrangements are shown in Figure 2. 


2 GROUND AND GROUNDWATER CONDITIONS 


Ground Investigation (GI) works were undertaken in several phases to refine the ground 
models and to understand the ground related risks. The first phase of the GI was undertaken 
by HS2 Ltd and generally consisted of two boreholes to tunnel level at each shaft location. 
These boreholes were commenced with cable percussion techniques through superficial 
deposits before switching to rotary coring in chalk strata. The rotary coring enabled detailed 
logging of the chalk sequence providing the state of weathering with depth. 

The ground models derived from these boreholes consisted superficial deposits (generally 
Clay-with-Flints) of varying thickness, overlying the white chalk, comprising Seaford Chalk, 
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Figure 1. Schematic of the C1 route showing shaft positions along the tunnel alignment. 
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Figure 2. Typical shaft, shallow basement, head house and tunnel interface arrangements. 


Lewes Nodular Chalk and New Pit Chalk. The boundary of the top of the chalk could not be 
assumed to be planar, as it was known to be subject to dissolution and in-situ infill features. 
These boreholes also indicated the potential presence of faulting within the chalk, usually 
associated with dry valleys. The shafts at Chalfont St. Peter (CSP) and Chesham Road (CHR) 
are located on the plateaus on top of the chalk upland, well away from any dry valley features 
and therefore no significant faulting was anticipated at these locations. The other three shafts, 
Chalfont St. Giles (CSG), Amersham (AMS) and Little Missenden (LM), are located either 
within or very close to dry valley features with significant geological faulting. 

Detailed GI works were undertaken by Align JV, with all shaft locations receiving two closely 
located boreholes within the shaft footprint, to allow cross-hole seismic profiling to be under- 
taken to obtain direct measurement of small strain stiffness parameters. Additional inclined 
boreholes were also undertaken, where the presence of faults was indicated, to refine the extent 
of the faults. At CSG and LM shaft locations, geophysical resistivity surveys were conducted to 
improve the understanding of the horizontal extents of the solution features identified from the 
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boreholes to delineate between the superficial deposits and the chalk. The other in-situ tests 
included pressuremeter testing to measure the lateral earth pressure coefficient at rest (Ko) 
which is one of the key parameters for the shaft design; and pumping testing to measure the 
mass permeability of the chalk strata which dictates design of the groundwater control measures 
during construction. Figure 3 illustrates the typical ground conditions at the CSG shaft site. 


Chalk (CS8) 
Weathered 
Chalk (CSN>15) 


dip to the East 


r à : à a e 
a) Perpendicular to tunnel axis b) Parallel to tunnel axis 


Figure 3. Ground model at CSG. 


Groundwater levels obtained from the GI and Environment Agency (EA) observation bore- 
holes have been used to determine the design groundwater level. Table 1 shows the ground- 
water levels during construction and long-term considering the effects of climate change over 
the 120-year design life of Chiltern tunnel. 


Table 1. Groundwater levels at shaft locations. 


Ground Shaft Formation Groundwater during Groundwater in 
Level Level Construction long-term 
Shafts mAOD mAOD mAOD mAOD 
Chalfont St Peter 101.65 34.50 67.0 76.0 
(CSP) 
Chalfont ST Giles 97.00 61.60 78.0 88.0 
(CSG) 
Amersham (AMS) 101.30 58.80 92.0 96.0 
Little Missenden 115.34 79.55 104.0 108.0 
(LMI) 
Chesham Road 182.20 136.70 129.0 142.0 
(CHR) 


3 SHAFT CONFIGURATION 


Several options with different shapes and sizes were considered for the C1 shafts. The final 
option for the four intervention/ventilation shafts has 17.8m ID, formed using reinforced con- 
crete diaphragm walling, and located between the two running tunnels. Openings for ventila- 
tion and services for these shafts were formed by the TBMs partially intersecting the shaft. In 
addition, a small mined SCL adit was formed to provide personnel access into the tunnels 
(Figure 4a). Although this novel TBM interface involves additional challenges, it has offered 
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significant benefits in terms of carbon footprint, cost and programme over alternative shaft 
arrangements. Furthermore, the circular shaft mitigated the need for lateral propping during 
construction. Ventilation fans and operational rooms were located within a shallow secant 
piled wall basement to minimise the above ground footprint within the Area of Outstanding 
Natural Beauty of the Chiltern Hills. At Chesham Road, a 10.8m ID shaft was considered 
adequate as this is required for intervention only; this is positioned between the two running 
tunnels, with access from the tunnels provided via short SCL adits (Figure 4b). 
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Figure 4. Cross Section of the shafts at tunnel level (a) CSP, CSG, AMS & LM, (b) CHR. 


4 METHOD OF CONSTRUCTION 


4.1 Diaphragm walling method 


Considering the ground conditions, particularly the solution features within the chalk forma- 
tion, and the depth of shafts, diaphragm walling was chosen to form the perimeter wall for all 
the shafts except at CHR. Diaphragm walls can be constructed to deep depths whilst main- 
taining tight verticality to provide effective ground and groundwater support during construc- 
tion and under the permanent conditions. 

The perimeter wall is formed using several rectangular panels (concrete grade of C50/60) 
with tight positional tolerance, assisted by the provision of a guide wall, to form a ‘circular’ 
wall. The sequence of panel construction was chosen such that the closing panels (panels con- 
necting the already constructed panels on either side) were constructed by cutting the adjacent 
panels thereby forming high water-resistant joints. Once the perimeter walls is formed, 
a capping beam was constructed at the ground level essentially connecting the heads of the 
rectangular diaphragm wall panels; this was required to remove the risk of relative lateral 
panel movement due to plant loading at ground level. 

Once the capping beam and the diaphragm wall concrete reached sufficient strength, the 
ground within the perimeter wall was excavated to the shaft formation level and reinforced 
concrete base slab was constructed to resist the long-term uplift water pressure. To facilitate 
the TBM passage through the diaphragm wall, soft eyes with GFRP was provided at the ven- 
tilation and service opening locations. A concrete collar was formed at the tunnel zone in 
order to effectively maintaining the load path following the TBM intersecting of the shaft. 
Above collar level, a secondary lining wall was provided to enhance the water resistance. 
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4.2 Cast-in-situ caisson sinking method 
For CHR shaft, the cast in-situ caisson sinking method was chosen, considering the: 


e water table is well below the formation level of the shaft; 

e smaller diameter shaft (10.8m ID) compared to the other shafts (17.8m ID) as tunnel venti- 
lation was not required at this location; 

* construction programme benefits compared with diaphragm wall installation. 


The rest of the paper deals with the first four diaphragm wall shafts only. 


5 DESIGN CONSIDERATIONS 


5.1 Lateral earth pressure coefficient 


One of the key parameters determining the thickness of the shaft wall is the in-situ lateral 
earth pressure coefficient (Kg) at depth. This was derived from the High-Pressure-Dilatometer 
(HPD) testing and the site wide results are shown in Figure 5. The wide scatter of the data (0.5 
to 4.0) is partly showing the difficulty in reliably measuring Ko in Chalk. For design purposes, 
a Kg value of 1.5 was selected. However, an additional worst-case analysis was carried out 
using a Kg value of 2.0 but with all load factors set to unity. 

Despite the in-situ Ko value, the construction process associated with diaphragm wall instal- 
lation would lead to a reduction in the lateral earth pressure. To quantify this reduction, 
detailed modelling of the construction process using finite element modelling with PLAXIS3D 
(Sivakumar et al, 2021) was undertaken. The results showed that following the trench excava- 
tion, the lateral earth pressure dropped from 1.5 to 0.85 and subsequently increased to 1.25 at 
the end of concreting. Similarly, the relaxation of the lateral earth pressure due to bulk exca- 
vation to formation level of the shaft was modelled using a separate PLAXIS3D analysis in 
which the initial lateral earth pressure coefficient was taken as 1.25. At the end of the bulk 
excavation works, the equivalent lateral earth pressure coefficient derived from the PLAX- 
IS3D model was close to unity. 


Depth (m bgl) 


Figure 5. Ko values derived from HPD testing. 
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5.2 Groundwater control during construction 


Groundwater control is a key design consideration for any shaft design where the ground- 
water table is above the shaft formation level. The following aspects formed part of the design 
considerations: 


e limit the rate of waterflow from below the formation level into the shaft, 

* limit the drawdown outside the shaft as per EA requirements, 

e eliminate the risk of uplift failure of the soil plug below the formation level, 

e eliminate the risk of uplift failure of the shaft immediately following the base slab construction. 


The following measures were considered to address the above scenarios by: 


* increasing the embedment depth of the diaphragm wall below shaft formation level, 
* providing a grout curtain below the toe level of the diaphragm wall, 

e depressurisation at the base of the soil plug, 

* permeation grouting of the soil plug below the shaft formation. 


An important aspect is that in the case of axi-symmetric flow of water into the shaft, majority 
of the head loss would occur within the soil plug below the formation level of the shaft; i.e. the 
water head at the bottom of the soil plug would be closer to the static water head outside 
the shaft. The rate of flow into the shaft is primarily controlled by the vertical permeability of the 
chalk strata; however, the main difficulty is reliably measuring the mass permeability of the chalk 
strata. As a part of the GI, pumping tests were carried out to determine the mass permeability of 
the chalk strata and used to design appropriate groundwater control measures. 

The uplift failure of the soil plug is resisted by the self-weight of the plug and the side resist- 
ance with the shaft wall. The side resistance was calculated from the lateral effective earth 
pressure at the end of bulk excavation within the shaft and adopting a reduction of 30% to 
allow for the bentonite effect; the level of reduction was verified based on the delayed- 
bentonite pile load tests which showed that the actual reduction was around 22%. 

Increasing the embedment depth of the diaphragm wall panels and depressurisation were 
also considered in improving the uplift stability of the plug during construction. 
A combination of these different measures (Figure 6) were used to control the groundwater 
flow and to meet the uplift stability requirements. 
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Figure 6. Groundwater control measures (a) Grout curtain at CSG, (b) Non-structural D-Wall and 
grout plug at AMS &LM. 
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Following construction of the diaphragm wall, depressurization wells were installed from 
the ground level. The water level was then lowered to 1m below the shaft formation level to 
verify the design assumptions and the adequacy of the depressurisation system prior to com- 
mencement of the bulk excavation. Generally, three number of depressurisation wells installed 
equally spaced along the edge zone of the shaft walls were found to be satisfactory. 

The risk of uplift failure of the shaft following construction of the base slab and cessation 
of depressurisation was deemed to be critical before the collar construction for CSG, AMS 
and LM shafts. Hence apart from CSP, for all the shafts, depressurisation was maintained 
until the collar was built. For this check, the shaft wall side resistance above the formation 
level was conservatively ignored considering the potential disturbance caused by the tunnelling 
effects. The uplift stability under the permanent condition was verified with the long-term 
design water levels and utilising the beneficial effect of the self-weight of the internal structure. 


5.3 Structural design of the shaft, base slab and collar 


PLAXIS3D finite element program was used to realistically simulate the ground-shaft-tunnel 
interaction, see Figure 7. This model included the following: 


* stage excavation for the shaft construction 

* base slab construction 

e collar construction 

e stage construction of the running tunnels including the opening of the shaft 
* opening for the adits 

e stage construction of shallow basement 
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Figure 7. Typical PLAXIS3D model for ground-shaft-tunnel interaction. 


Mohr-Coulomb soil model was used to model the chalk strata. Stiffness values correspond- 
ing to 0.1% shear strain were generally adopted, except for near the tunnel zone where stiffness 
values corresponding to 1% shear strain level were used to allow for the disturbance caused by 
the tunnelling effects. The load effects obtained from the PLAXIS3D model was used for the 
structural design of the shaft wall, collar structure and the base slab. As part of the verifica- 
tion, a separate structural model was developed using LUSAS analysis software, where 
ground pressures obtained from the PLAXIS3D model following bulk excavation to shaft for- 
mation level were used to model the effect of TBM opening. 
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6 CONSTRUCTION RISK MANAGEMENT 


6.1 Loss of support fluid during diaphragm wall panel construction 


One of the key construction risks is associated with the trench stability during diaphragm wall 
panel construction. Bentonite support fluid is usually used during the excavation for panel 
construction to balance the water pressure. However, based on the ground conditions, par- 
ticularly the fractured nature of the chalk, excessive loss of bentonite was a major concern. As 
the chalk strata is a dual permeability aquifer characterised by very low flow rates through the 
rock matrix and much higher flow rates through discontinuities, it was practically difficult to 
maintain the level of the support fluid, particularly above the water table. In some areas the 
discontinuities are enlarged by solution weathering which could result in extremely fast flow 
of the support fluid into the ground. Considering that each and every diaphragm wall panel to 
be constructed to high workmanship and quality to meet the design requirements (i.e. no 
redundancy in the system), this risk had to be dealt at source. It was therefore decided to carry 
out permeation grouting along the proposed zone of the perimeter wall to the full design 
depth prior to the commencement of panel construction, refer to Figure 6a. 


6.2 Verticality of diaphragm wall panels 


The effective wall thickness at depth is controlled by the verticality of the as-built diaphragm 
wall panels. With modern plants, a verticality of better than 1 in 400 could be achieved which 
is far tighter than industry standards. Considering the as-built panels could be either inclined 
towards or away from the shaft centre, the loss of effective thickness of the wall could be up 
to 5mm per m depth with 1 in 400 verticality tolerance; hence for a shaft with formation level 
at 67m depth (i.e. CSP Shaft), the loss of effective wall thickness could be up to 335mm at 
formation level, in addition to the positional tolerance at ground level, and this was con- 
sidered in determining the design thickness of the diaphragm wall panels. 

As-built panels showed that the maximum loss of thickness at formation level is approxi- 
mately 280mm in the case of CSP Shaft (the difference between the radius of the circles con- 
necting the most interior and most exterior corners of the panels) and therefore demonstrating 
compliance with the design assumptions. 


6.3 Construction control measures 
The following construction control measures were adopted during construction of the shafts; 


e Inclinometers, survey prisms, strain gauges and piezometers have been used to monitor the 
wall movement, hoop forces on the diaphragm wall panels and water pressure during con- 
struction. The data from strain gages have been used to back-calculate the lateral earth 
pressure coefficient when the excavation reached the formation level and is found to be 
nearly 30% lower than the predictions. 

¢ During the excavation of the shafts, the geology was being logged to confirm and verify the 
design ground model as part of construction control. 


7 CONCLUSIONS 
This paper describes the particular challenges associated with the design and construction of 


deep shafts in Chalk strata and describes how they have been dealt in the case of Chiltern 
Tunnel forming part of the HS2 Phase 1. 
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ABSTRACT: Groundwater control measures are very important and desirable to implement in 
urban deep excavation and tunnelling processes to prevent excessive drawdown and subsequent 
settlement. They form an integral part of the project to protect the various stakeholders’ interests 
such as deterioration of construction performance and significant impact to existing utility services 
and building structures. In Singapore’s Deep Tunnel Sewerage System Phase 2 (DTSS2) Project, 
a major used-water infrastructure project, criteria and guidelines for ground water control scheme 
are outlined in the contract specifications for implementation at all of its deep tunnel shaft excava- 
tion sites. In this requirement framework, there is no restriction to the approach, method and pro- 
cedure used on groundwater control based on prevailing ground condition and construction 
schedule. Following the guidelines, detail plans and designs for groundwater control scheme such 
as permeation grouting, pumping test, monitoring & groundwater recharging, are developed for 
implementation at each tunnel shaft location. However, there are certain sites in the project where 
implementation of such a pre-groundwater control scheme is subject to own assessment. This 
paper briefly explains the concept, principle, and procedure implemented, and also reviews the 
effectiveness and the benefits of groundwater control in construction risk mitigation. 


1 INTRODUCTION 


The Deep Tunnel Sewerage System Phase 2 (DTSS2) project is being implemented by Singapore’s 
National Water Agency, PUB in the western part of Singapore to collect and transport used 
water by gravity flow to a new water reclamation plant (WRP) at Tuas, TWRP. This conveyance 
system comprises a network of link sewers connecting shallow existing sewers to the main deep 
tunnel sewers. A total of 19 Tunnel Boring Machines (TBMs) and over 20 Pipe Jacking Machines 
(PJMs) are used to construct nearly 100 km of conveyance system at depths between 10 to 65m. 
(Figure 1). Multiple deep shaft excavations are also carried out along the alignment to facilitate 
the launching/receiving of TBMs & PJMs, and associated hydraulic structures are built within 
these shafts after the tunnels are completed. The tunnel construction is packaged into 5 Design & 
Build contracts (Contract T-07 to T-11) and link sewer construction is divided into 3 schedules 
(Schedule I, II and IT) where each Schedule is packaged into 3 to 5 Build-Only contracts. 
Geographically, the tunnels run largely under major expressway corridors and shaft excava- 
tion sites are often scattered within heavily built-up areas in close proximity to bridge infrastruc- 
tures, buildings, and underground services such as gas transmission pipes, high voltage cables, 
water mains etc. As most of the excavation works are planned to take place simultaneously 
below water table, the effectiveness of groundwater control is a major concern in the DTSS2 
project. High groundwater inflow is not only challenging to construction safety and progress of 
works, the subsequent impact of settlement is also detrimental and pose severe risks to buildings 
and services in poor soil area (Weng et al. 2009, Yin et al. 2020, Zhang et al. 2021). There were 
cases in Singapore that deep shaft excavation works had to be stopped and backfilled with earth 
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Figure 1. DTSS2 project layout. 


or flooded with water due to strong groundwater inflow or excessive ground settlement meas- 
ured. Therefore, PUB decided not to allow any significant groundwater level drawdown in the 
project area where the risk of strong groundwater inflow and settlement are greatest. 


2 GEOLOGY 


Geological formation of the project area consists of sedimentary Jurong Formation compris- 
ing predominantly of sandstone, siltstone, limestone, and mudstone. They are overlaid by ~20 
to 30m thick soil stratum: ~1 to 5m thick backfill soil followed by localised pockets of fluvial 
and marine soft soil deposits (~1 to 7m thick) underlaid by residual soil of different weathering 
grades, SVI to SIV. Below the highly weathered zone lies the moderately weathered to fresh 
Jurong Formation rocks (SIII to SI) (Figure 2). Rockmass quality of Jurong Formation rocks 
in the project area varies greatly from good to poor. Around 30% to 40% of the bedrock in 
the area can be rated RQD <30% particularly in the western area where geology is relatively 
complex due to high fracturing frequency of the bedrock and thrust fault systems trending 
parallel and cutting across each other. This increases the transmissivity in the bedrock, and 
high permeability values are observed in the fractured zones. Generally, groundwater table is 
located approximately 3m below ground level and its annual variation is negligible. Due to 
high groundwater table, jointed rockmass and localised fractured zones, strong ground water 
inflow can be expected in underground excavation works in Jurong Formation rocks. 


SVI (Residual Soil) 


SV (Completely weathered) 


SV (Highly weathered 


Figure 2. Simplified representation of geological profile along main tunnel alignment. 
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3 CONTRACT SYNOPSIS 


The preliminary studies suggested that excessive groundwater level drawdown is unacceptable 
in most of the project area. Therefore, stringent groundwater control requirements are needed 
to be imposed for tunnel contracts to reduce the associated risks beforehand. The tunnel 
shafts are relatively larger (~12 to 25m diameter), deeper (~40 to 67m), and extend several 
meters into fractured bedrock, and therefore more exposed to high groundwater inflow risk. 
For link sewer contracts, the shafts are smaller and shallower, and thus more leeway is 
allowed in groundwater control implementation. Some key requirements, guidelines and per- 
formance criteria set out in the specifications for tunnel contracts are — 


e For shaft excavation, pre-excavation grouting shall be carried out to minimize average 
groundwater inflow to <50 litre/min at all stages of construction 

¢ For mined tunnels, pre-excavation grouting shall be carried out to minimize the ground 
water inflow to <25 litre/min 

e Fissure grouting for rock shall achieve hydraulic conductivity <1 Lugeon 

e Groundwater drawdown shall be monitored by ground water standpipes and piezometers 
installed adjacent to the shaft/face of Adit 

« A pumping test (upon completion of grouting) shall be carried out at shaft locations prior 
to excavation in order to validate the ground water inflow requirement 


In addition, guidelines for selection of grouting material, mixing method, quality control, 
method of drilling and grouting are also outlined in the contract specification. The contract 
also allows the use of chemical in grouting works. The details for verification by pumping test 
are given as follows. 


e The pumping test shall include a pumped well and a minimum of three piezometers to 
measure the effect of the pumping to validate the effectiveness 

e There shall be a pumping well for every 50 m? (minimum 1 well) and the pumping wells 
shall be extended to the base of the shaft 

e Water shall be pumped out from the wells simultaneously to lower the water level in the 
shaft by 10 m from equilibrium water table level 

¢ The rising of water table shall be measured with time to provide calculation for inflow rate 

e Ifthe calculated inflow is greater than 50 litre/min, additional grouting shall be carried out 

e The induced drawdown outside the shaft shall not exceed 1m below a pre-determined 
lowest recorded ground water level 


4 IMPLEMENTATION 


The groundwater control scheme typically comprises water cut-off wall, permeation grouting, 
pumping test check, recharging system, and monitoring instruments. In the DTSS2 project, 
TBM launching shafts are designed with full length of diaphragm wall in the bedrock (Type-1 
shaft) (Figure 3a) because its robustness and watertightness are more critical than other inter- 
mediate shafts as they are always on critical path of the tunnelling and construction schedules. 

Diaphragm wall embedded entirely in rock provides a complete permanent water barrier 
and in which case only base grouting is required in order to achieve the full hydraulic enclos- 
ure. For other intermediate shafts and hydraulic structures, they are allowed to design using 
any Earth Retaining Stabilising Structure (ERSS) such as a combination of diaphragm wall/ 
Secant Bored Pile (SPB) in upper shaft (at soil horizon) and Spray Concrete Lining (SCL) in 
lower shaft (in bedrock) (Type-2 shaft) (Figure 3b) or Caisson method (Type-3 shaft) 
(Figure 3c) in which cases both perimeter grouting and base grouting are required (Figure 3c). 
Hence, extensive grouting efforts are made prior to commencement of every tunnel shaft exca- 
vation. Jet Grout Pile (JGP) or Deep Soil Mixing (DSM) methods are used for grouting in 
soil strata (Figure 3c). In the bedrock, there are a few fissure grouting schemes carried out to 
permeate fissures to an extent enough to adequately minimize the seepage flow. The fissure 


2270 


D-WallSBP D-Wall/SBP 


ie 
ijja 
| 
| 

| 
mmmn 
| 
T k 
H | 


grout one 
Soil Soil Soil (GP/DSM) 
mam mT m ma pom 
SIN & better SIH & better SIN & bener 
a Perimeter a Pevinueten 
rumin curtain 
D mame go zoe 
(fissure (fissure 
grout) ont) 
Formation level Formation level Formation level 
1A Bee rool ee R Base grout zene Rae pout woe 


fissure grout! a] (fissure mout) (fissure grout} 


Figure 3. Types of ERSS used and grouting schemes. 


grouting schemes used on the project can be grouped into 3 types which are designed based on 
available hydrogeological information, previous experiences in similar geological settings, and 
knowledge of the respective teams. 


4.1 Fissure grouting scheme 


Fissure grouting is a method commonly used to seal joints, cracks, voids and cavities in rock- 
mass by using drilling and injecting cement or chemical grouts under pre-determined pressure 
to a required volume or pressure as a discharge reduction measure (Figure 4). Its main role is 
to improve the impermeability without any essential changes to the original rock volume. 
Grout is typically injected in isolated stages from boreholes drilled using percussive drills (Sel- 
varaju et al, 2021). Ideally, it may be conducted in two different work sequences — either top- 
down or bottom-up. The main workflow and procedure of fissure grouting are similar except 
for some detail implementations which are different and briefly described here. 


i Base grout 
D-Wall Perimeter grout 
t r 


} } 
2.5-3m 


Figure 4. (a) Typical shaft grouting plan, (b) Drilling and grouting. 


4.1.1 Scheme-1 

In this scheme, Lugeon permeability is checked and tested at every section in the whole 
intended grouting zone. Length of each test and grout section is ~3m and the spacings of 
grouting holes are also set at 3m. Based on the Lugeon values of the rockmass, groutability, 
injection pressure and suitable mix are decided. Basically, all sections tested to be greater than 
1 Lugeon are grouted with the injection pressure set as ‘hydraulic fracturing pressure + 0.3 
MPa’ where 2 MPa is set as maximum. Target injection volume is 2200 litre for 3m section 
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and rate of injection used is ~10 litre/min. The grouting is stopped when either the refusal pres- 
sure or target volume is reached, whichever comes earlier. The grout types are mainly of 
Ordinary Portland Cement (OPC) and MicroFine Cement (MFC). The mixes and the target 
volumes set are given in Table 1. When the target pressure is reached, and the flow rate 
becomes <1 litre/min, the grouting continues for ~30 minutes as a confirmation. If the target 
pressure does not converge, ~100 litre/m of chemical grout (Silicaliser + Sulphuric acid + 
water) is injected. When the total injected grout volume reaches 2200 litre and the pressure 
tends to increase, grouting is temporarily stopped for 4 to 6 hours for the grout to set, and the 
process is repeated. The grouting pattern is split spacing with two orders, but additional holes 
are drilled and grouted as necessary. In the test sections which turn out to have more than 75 
Lugeon, two-components grout, Labile Waterglass (LW grout) and silicaliser (sodium silicate 
+ sulphuric acid + water) mixes are used. 


4.1.2 Scheme-2 

This method is similar to Scheme-1 where Lugeon test is carried out for every stage and sub- 
stantiate to grout if the result obtained is more than 1 Lugeon. The grouting pattern is based 
on split-spacing, and it uses 3 phases in order of primary, secondary and tertiary in a row. 
Therefore, the spacings between primary holes are split evenly for secondary and tertiary 
holes which is about 3 times centre to centre distance. The spacing is set at 2.5m and the sec- 
tion of testing and grouting is ~ 3m. In this scheme, both MFC and OPC mixes are used with 
water cement ratio of ~1:1. The maximum target pressure is set in the range of 2 to 4 MPa 
with a minimum value determined based on safe pressure from initiating hydrofracturing. 
When the refusal pressure is not achieved, the limiting volume is used to terminate the grout- 
ing (~120 litre/m of MFC mix followed by 200 litre/m of OPC mix). 


4.1.3 Scheme-3 

In this approach, grout mix, grouting pressure and grouting volume are determined from detail 
core logging. Therefore, detail soil investigation and permeability testing are required for rock- 
mass characterisation and estimation of hydraulic aperture. Grouting material is selected based 
on calculated average hydraulic aperture size. Generally, material with grain sizes, dos =~ one 
third to one fifth of average aperture is selected for injection. Moreover, required thickness of 
the grout zone is also determined based on analytical modelling using a flow net approximation 
procedure. The spacings of grout holes are 3m and grout mix ratio used is 1:1. This is supple- 
mented by sodium silicate injection at every stage after cement-mix injection to allow the grout 
to set and prevent backflow by ground water flow before release and removing packers. The 
stage length is set to have ~3m which is similar to Scheme 1 & 2. The target grouting pressure 
and volume are determined based on the Rock Mass Rating (RMR) values (3 to 4 MPa for 
depths between 30 to 60m) and arbitrary rock porosity (~200 to 350 litre/m). The flow rate is 
set to be not more than 15 litre/min to avoid untimely pressure built up and lesser grout pene- 
tration. During the grouting operation, permeability is analysed in terms of apparent Lugeon 
values. The sections with high apparent Lugeon values are re-grouted (Refer to Wong et al, 
2021 for details). 


4.2 Pumping test 


Upon completion of the grouting works, pumping tests are carried out at each location to 
verify the performance of hydraulic enclosure. In accordance with the specification, pumping 
wells are installed at every 50m? footprint area of the shaft (Figures 5 and 6a) and airlift 
pumps are installed inside the wells. Piezometers are installed both inside and outside the shaft 
for observation and monitoring. Ground water level drawdown and recovery rates are meas- 
ured at both monitoring wells and pumping wells at close intervals close intervals (Figure 6b). 
The discharge flow is measured by both flowmeter and V-notch weir (Figure 6c and d). When 
water level drawdown inside the shaft exceeds 10m and is stabilised, providing that water level 
drawn down outside the shaft is within 1m, pumping is stopped. By using the measured data, 
the inflow rate (Qinjo) at the shaft is calculated as follows. 


2272 


Table 1. Characteristics fissure grouting parameters. 


Stage Flow Target 
Scheme Length Spacing Pressure Rate Volume Grout Mix 
OPC (1:6 when <9 Lu) 
OPC (1:4 when <6 Lu) 
1 mam 7250 ompa “IOV 7501m  MFC(1:1 when <3 Lu) 
3.0m min see 
Silicaliser 
LW when >75 Lu 
2-4 <15V/ ~120to320 MFC (~1:1 up to 120 I/m) & 
2 ~3m ~2.5m : 
MPa min I/m OPC (~1:1 up to 200 I/m) 
3 a ~3.5m 2-3 <151/ 200 to 3501/ MFC (1:1) followed by ~20 to 35 litre 
j MPa min m Na»Si03 
Q, nx ALeAshaft x (Depthérawdown = Depthrecovery ) Depthshatt base (1) 
ml Time Depth¢rawaown 
Volume of water pumped out 
where, n = dia (2) 
AreAshaft x (Deptharawacwn a Depthoriginal) 


D-Wall/perimeter grout 


Fo = Pumping 
~ m à > Well 


Piezometer 


Figure 5. Pumping test configuration (a) plan view, and (b) section view. 


Figure 6. (a) Pumping wells setup, (b) water level monitoring, (c and d) flow rate measurement. 
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4.3 Groundwater recharging 


Groundwater recharge system is designed based on the seepage analysis and impact assessment 
considering drastic water drawdown scenario. Recharge wells are installed around the buildings 
and services in the excavation influence zone to compensate for the similar amount of water seep- 
age to counteract the drawdown. Typically, the recharge wells are installed at 10 — 15m interval in 
settlement sensitive areas together with piezometers and water standpipes. During excavation, daily 
monitoring is carried out and analysed in combination with water inflow records, settlement read- 
ings and recharging flow to control the induced effect. The monitoring data are processed and han- 
dled by a common integrated database adopted by DTSS2 known as the Shaft and Tunnel 
Excavation Monitoring System (STEMS) to disseminate in predefined template and alert as neces- 
sary (Lynn et al, 2021). Rain gauges are also installed at some locations to assess the effectiveness 
of recharging. In fact, the seepage water is allowed to be pumped back after proper treatment and 
filtration, however, recharging with potable or industrial water is carried out eventually. 


5 DISCUSSIONS 


Pre-excavation groundwater control measures are implemented at 48 deep shaft excavation sites, 
of which 21 shafts are Type-1 shafts only requiring base grouting to form full hydraulic enclosure. 
The rest are Type-2 and Type-3 shafts where both base and perimeter grouting are necessary. 
About half of the Type-1 shafts are located in poor quality rockmass, RQD <30% whereas most 
of the Type-2 and Type 3 shafts are in moderate to good quality rockmass with RQD in the rage 
of 40% to 80%. As the hydrogeological condition of the bedrock varies greatly, it is a challenge to 
undertake the grouting to contain the inflow within the limit. Even after the intensive grouting, 
10% of the fissure grouted shafts failed to meet the permeability requirement of 1 Lugeon and 
required additional rounds of grouting. During the pumping tests, only one Type-1 shaft located 
in highly fractured rock grouted by Scheme-3 failed because the calculated water inflow exceeded 
50 litre/min and water level outside the shaft dropped more than Im. As such, additional points 
were drilled and grouted in the zone where monitoring piezometers captured excessive drawdown. 
During excavation, five number of Type-2 and 3 shafts experienced increasing inflow rates of 
more than 50 litre/min after a few rounds of rock excavation by blasting and thus had to stop 
for grouting accordingly. It appears that blasting, and rock breaking have affected the integrity 
of grout zone. Two of them had to be flooded with water and additional systematic grouting 
and remedial measures were carried out to mitigate the potential impact to underground services 
and open drain (Figure 7). This resulted in significant time loss and additional cost incurred to 
the project. The rest of the shafts were able to be excavated smoothly without excessive water 
inflow or any major ground settlement issues. However, almost all shafts had to activate their 
recharge system as the STEMS detected pore pressure drop during the course of excavation. 


Figure 7. (a & b) Shaft flooding, (c) hanging support installed for underground gas pipe, and (d) drain 
strengthening. 


Various fissure grouting schemes were used for every type of shaft. The Scheme-1 of fissure grout- 
ing (used for 27 shafts) seems to be more versatile and able to cope with varying ground condition. 
Almost all the shafts grouted with this scheme experienced minimal water inflow (<20 litre/min) 
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during the excavation. The credit may go to its injection of relatively larger volume of mixes and the 
use of chemical in the process. It is also observed that LW grout used in high permeable zones 
yielded positive results. Only one Type-3 shaft using this grouting scheme experience inflow exceed- 
ing 50 litre/min and additional grouting was needed during the excavation. The Scheme-2 fissure 
grouting (used for 13 shafts) produced good results in Type-1 shafts. But in Type-2 and 3 shafts, 
they experienced relatively stronger inflow especially where rocks are highly fractured (RQD<30%). 
Therefore, scheme-2 is considered suitable for use in moderately to slightly fractured rockmass 
(RQD>40%). As for the Sheme-3 which was implemented for 8 shafts, measured inflow rates 
during the excavation were ~ 50 litre/min for most of the shafts. Since this scheme is based on the 
average rockmass parameters, it works well if the rockmass quality is consistent. The supplementary 
use of sodium silicate at the end of cement injection also seems to be effective as none of the shafts 
grouted with this scheme required additional or regrouting. This method achieved significant cost 
saving from eliminating extensive Lugeon testing. This method is not commonly used in Singapore 
as it requires good engineering geological knowledge to derive fissure grouting parameters and no 
enriched information with Singapore’s rocks available for reference or quick implementation. 

On the other hand, in link sewer contracts where pre-grouting requirement was not specified 
but subject to own design assessment, it was observed that nearly half of the manhole shafts 
excavated in rock encountered water inflow problem and affected the excavation progress. 
Many of its excavation had to be either backfilled with earth or flooded with water in halfway, 
and ground water control measures had to be implemented such as permeation grouting and 
groundwater recharging. This highlights that pre-excavation ground water control scheme is 
essential and worth investing time and money to keep the construction program on track as 
well as in protecting various stakeholders’ interests. 


6 CONCLUSIONS 


From the project planning phase, PUB judged the technical matter seriously and setup the require- 
ments and restrictions for groundwater control that had to be incorporated into DTSS2 project 
and had it implemented proactively. Although handling this type of requirements can be costly and 
time consuming, it can effectively prevent construction impact on surrounding structures and 
underground services. This helped to maintain the construction schedule on track and ensure the 
safety of the personnel working underground. Moreover, the use of innovative way in handling 
large and varied amount of monitoring and construction data in organized way, such as web-based 
integrated data management system, enabled the optimization and cost effectiveness as it allowed 
early detection of problems and quick actions to be taken to solve issues. The DTSS2 experiences 
show that pre-groundwater control is worthwhile and beneficial to implement in congested urban 
environment especially in settlement sensitive areas. Therefore, pre-excavation groundwater control 
shall remain as a key element of a complex infrastructure project of similar scale when much of the 
engineering work is executed in fracture bedrock under high water table in urban environment. 
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ABSTRACT: Construction of Shaft 17B-1, a part of the New York City water supply’s 
system Tunnel No. 3 required the excavation of approximately 38m (123ft) of water bearing 
overburden soil and 160m (527ft) of gneiss bedrock to make a connection to Water Tunnel 
No. 3. Ground freezing was specified as the method to provide temporary earth support and 
ground water control for the overburden material. The specifications required the placement 
of a temporary liner as the frozen earth was excavated. This paper describes the various 
approaches that were evaluated to determine a technically feasible, cost-effective lining 
approach. It further describes a comprehensive method of evaluating the frozen soil that 
ultimately led to the elimination of the temporary liner facilitating efficient and safe excava- 
tion of the shaft. Design, construction, and excavation methods are discussed. 


1 INTRODUCTION 


Ground freezing was specified as the only acceptable method to provide excavation support 
for a 17.7m diameter shaft. Figure 1 shows the soil profile of the 38m of overburdened soil. 
The final excavation would extend through the gneiss bedrock to a depth of 160m. 


SHAFT 17B 


Figure 1. Section and generalized soil profile. 
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During the 1990s, four similar shafts were constructed for the New York City Department of 
Environmental Protection (DEP) using ground freezing. For each of those shafts, the DEP 
required a temporary lining system in addition to the frozen earth wall. The lining system used 
was liner plates with steel ribs, but unnecessary. The frozen earth structure could provide support 
against hydrostatic and lateral earth pressure loadings. During 2006-2007, five additional shafts 
built in New York City were constructed using the ground freezing method. These five were not 
as deep as the initial four shafts. While a temporary liner was specified in the contract documents 
for these shafts, the freezing subcontractor was able to negotiate a change permitting only the 
application of polyurethane insulation to protect the face of the frozen earth. These were the last 
shafts constructed in New York City until the request for proposals for Shafts 17B-1 and 18B-1. 

As shown in Figure 2, the contract drawings required a temporary shotcrete liner. The spe- 
cifications further stated, “Limit creep of the frozen soil over the potential duration of con- 
struction of the final liner reaching design strength without overstressing Temporary Liner or 
impacting minimum dimensions of permanent shaft liner. The frozen ground and Temporary 
Liner shall limit creep strain in the Temporary Liner to no more than 2% radial strain or as 
otherwise required by the Temporary Liner design”. 


SHAFT 17B-1 GROUND FREEZING LAYOUT 


Figure 2. Contract drawing for Shaft 17B-1. 


2 BACKGROUND 


The requirement of 2% radial strain equates to 0.2m (20cm). When ground freezing was used 
for excavation support on Shaft 19B and 20B, excessive creep was observed in the Raritan 
Clay formation (Sopko et al. 1993) (Corwin et al. 1999). Design computations concluded that 
the shafts could be supported using ground freezing as the principal and only necessary 
method to provide excavation support. The computations also indicated that elastic and creep 
deformation would occur, even up to 2% radial strain. However, the New York City Depart- 
ment of Environmental Protection required that a temporary lining system be installed as the 
excavation progressed. Shaft 20B was constructed first and used a traditional system of steel 
ribs and liner plates grouted firmly into place. Within a week of excavation, creep was initi- 
ated and caused significant deformation to the liner plates and ribs, as shown in Figure 3. 

The liner plate deformation occurred only in the Raritan Clay formation and resulted in 
breaking bolts and significant bending of the ribs. The creep was mitigated by significantly 
reducing the temperature of the circulating coolant by increasing refrigeration capacity. 

To avoid this problem on Shaft 19B, a compressible urethane grout was used behind the 
liner plates to allow creep movement without deforming the liner plates and steel ribs. During 
excavation, the creep movement exceeded the compressibility of grout and experienced the 
same deformation as Shaft 20B. The deformation rate was greater than what was experienced 
at 20B, resulting in an acceleration of the placement of the final reinforced concrete liner. 
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Figure 3. Linear plate deformation at Shaft 20B. 


Two other distinct strata in these shafts were the Mixed Glacial Deposits and the Gardiners 
Clay, but creep movement was only observed in the Raritan Clay. 


3 SHAFT 17B-1 


To evaluate creep deformation, it is necessary to have the required mechanical properties obtained 
from laboratory tests on frozen soil. These tests include constant rate of strain compression tests 
and constant stress creep compression tests. Evaluation of these tests results in the development 
of creep parameters that are used to determine the time-dependent compressive strength and elas- 
tic modulus as well as creep deformation. These tests were not completed in the clay stratum 
before awarding the contract, causing the contractor to make assumptions at bid time. The con- 
tract also required the ground freezing subcontractor to conduct a Supplemental Geotechnical 
Investigation, including frozen soil testing. The problem with this approach was that the contrac- 
tor was required to prepare a bid price that included the design of the ground freezing system and 
temporary liner without any parameters to evaluate the magnitude and rate of creep. 


4 TEMPORARY LINERS 


The temporary shotcrete liner shown in Figure 2 and specified in the contract documents was 
not technically feasible. Given the experiences on the two previous projects, the thickness of 
unreinforced concrete required to withstand the creep would be excessive. A 0.46m shotcrete 
liner would crack and fail, given the magnitude of creep previously observed. It would not be 
practical to increase the thickness of the liner. Given the large diameter of the shaft (17.3m), the 
weight of a thicker liner made installation and stability unfeasible. Based on Shafts 19B and 20B 
problems, steel ribs and liner plates were impractical unless a very robust design was imple- 
mented. Consideration was given to two different flexible liner solutions. Consideration was 
given to two different flexible liner solutions. One method, shown in Figure 4, uses a system of 
telescoping steel ribs that expand to accommodate deformation. Another approach that was 
considered, as shown in Figure 5, is the Lining Stress Controller (LSC) elements. 


Figure 4. Abexsteels yielding mine arch. 
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Figure 5. Lining stress controller. 


This system was developed as a special support measure for highly squeezing rock 
mass conditions. The temporary shaft lining would be divided into several segments by 
longitudinal construction joints. The purpose of this segmentation is the ability to 
absorb large deformations caused by the creep during the excavation. These steel elem- 
ents have a defined workload during compression; therefore, the temporary liner would 
not be damaged. 

While both approaches could be incorporated into a temporary lining system, either steel 
ribs or shotcrete, the contract documents lacked the necessary mechanical properties to design 
a temporary liner system adequately. 


5 CREEP ANALYSIS 


While several methods of analysis are available to analyze the creep behavior of frozen soils, the 

author has had success with the Klein method (Klein 1978). Klein established the time-dependent 

creep parameters A, B, and C to define the time-dependent compressive strength and the time- 

dependent elastic modulus. Using these parameters, the following equations are established: 
Time-dependent compressive strength: 


Ef 
a(t) = Go) [N/mm’| (1) 
Time-dependent elastic modulus: 
eC-2) /B 2 
E()= (S) [N/mm] (2) 


where E(t) is the elastic modulus. 


The parameters were derived from a series of constant stress creep tests (ASTM D5520-18). As 
stated in the standard, however, it is first necessary to conduct constant rate of strain compression 
tests (ASTM D7300-18). Results of the constant rate of strain tests are shown in Table 1. 


Table 1. Results of constant rate of strain compression results. 


Boring Depth Depth UDW  UWW Temperature E Unconfined 
Soil Number [ft] [m] [kN/m] [kN/m*] [°C] [kN/m?] [Mpa] 
Frozen clay 17B-MR1 109.5 33.3 14.0 18.1 -10.0 1.15E+05 3.10 
Frozen clay 17B-MR1 109.9 33.4 14.6 1.7 -10.0 6.67E+04 4.20 
Frozen clay 17B-MR1 110.0 33.4 16.3 19.8 -10.0 7.95E+04 2.30 
Frozen clay 17B-MR1 111.0 33.7 14.4 19.4 -20.0 1.01E+05 5.10 
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Following the evaluation of these tests, the constant stress creep tests were conducted with 
the results presented in Table 2. 


Table 2. Results of the constant stress creep tests. 


Failure Failure Plastic Creep 
Boring Depth Depth Temperature Stress strain time strain strain 
Soil Number [ft] [m] [°C] [Mpa] [Mpa] [minutes] [E/min] 
Frozen 17B- 
clay MRI 103.2 31.4 -10.0 1.00 3.10 Pending 0.1800 2.00E-08 
Frozen 17B- 
clay MRI 104.0 31.6 -10.0 1.20 4.20 30°000 .03200 7.22E-07 
Frozen 17B- 
clay MRI 103.6 31.5 -10.0 168 5.10 20000 0.3600 8.77E-07 


The determination of the Klein parameter B, A and C are shown in Figure 6. 


ete 


Figure 6. Determination of Klein parameters B (left) and A and C (right). 


Using the parameters and the two equations, the following time dependent strengths and 
elastic moduli were computed as shown in Table 3. 


Table 3. Time dependent strength and elastic 


modulus. 

Time Time E q 
[days] [hours] [MPa] [MPa] 
10 240 88.4 4.42 
20 480 86.5 4.33 
30 720 85.5 4.27 
40 960 84.8 4.24 
50 1200 84.2 4.21 
60 1440 83.7 4.19 
70 1680 83.3 4.17 
80 1920 83.0 4.15 
360 8640 79.4 3.97 


Using these parmaters, creep deformation was computed for the 17.37m diameter shaft. 
The initial approach, using one row of freeze pipes had a single row of freeze pipes resulting in 
a 4m frozen earth wall. This resulted in approximately 20.3 cm (8 inches) of creep as shown in 
Figure 8. 
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Figure 7. Time versus creep deformation 


Figure 7. Time versus creep deformation. 


The shaft analysis was also completed using a three dimensional finite element analysis 
using the creep parameters. Space requirements do not permit discussion. 

This amount of deformation could not be contained using the conventional steel ribs 
and liner plates, or shotcrete. Both flexible lining systmes were considered. The installa- 
tion of either of these contributed significantly to the time and overall cost of the pro- 
ject. Another alternative was to increase the thickness of the frozen earth wall. After 
several iterations, it was found that a 6.5m would limit creep to approximately 6cm 
(2.25 inches) of deformation. Several thermal analyses, using a time dependent finite 
element analysis, indicated that a 6.5m wall could not be formed in a reasonable time 
frame using a single row of freeze pipes. Figure 9 illustrates the two-row geometry 
requied to form the 6.5-m frozen earth wall. 
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Figure 8. Freeze pipe plan. 


Figure 9. Thermal model using variable freeze pipe spacing. 


The clay stratum had the lowest thermal conductivity, meaning that it would take longer to 
freeze than the other strata, and governed the thermal design. A time depdenent finite element 
thermal model (Figure 10) was developed to evaluate both the freezing time and required 
refrigeration load. The thermal evaluation indicated that the excavation could start approxi- 
mately six weeks after circulating the -32 °C calcium chloride. The model also indicated that 
560 kW of refrigeration capacity would be required for the formation freeze, and could be 
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reduced to 280 kW during the maintainence freeze. The excavation sequence was coordinated 
so that excavation could begin in the faster freezing, coarse grained mixed glacial deposits 
while the design thickness of the frozen clay continued to increase. 


6 EXCAVATION 


Excavation progressed according to schedule as shown in Figure 10. During the excavation, 
creep displacements were measured. Radial deformation ranged from 0.2 cm to 1.2 cm. 


Figure 10. Excavation. 


7 CONCLUSION 


The design of this shaft was based on increasing the thickness of the frozen earth structure, 
thus reducing the internal stresses and minmizing creep deformation. With a conservative 
approach, it was considered necessary based on the difficulties on previous shafts while exca- 
vating the Ratican clay. 
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ABSTRACT: The Dreilindentunnel project is part of a larger development project which 
establishes a through-going train station in Lucerne. The project includes a 375 m long inner- 
city water crossing under the shallow water area of the Vierwaldstättersee. This paper addresses 
the comparison of the different tunnel types considered for the water crossing with their main 
challenges leading to the Immersed Tunnel as the preferred solution. The purpose of this paper 
is to disseminate knowledge of the Immersed Tunnel Technology and its benefits aiming to 
inspire owners to assess thoroughly the different tunnel types for each water crossing. 


1 INTRODUCTION 


Lucerne Station is one of the largest stations in Switzerland with up to 180,000 visitors daily and 
its rail connection to the Zurich metropolitan area is of outstanding importance. The Swiss Fed- 
eral Railways (SBB) is expecting the number of passengers to increase by 40% during the next 20 
years (Anon., 2013). As part of their development program, the Dreilindentunnel project includes 
a 3.5 km long bored tunnel and a 375 m long water crossing at the Vierwaldstättersee. 


immersed tunnel PN 


Figure 1. Plan view of the water crossing. 


The Dreilindentunnel project was awarded to the Joint Venture Hombrig and included an alter- 
native design for the water crossing using Immersion Technology. The study conducted in the pre- 
liminary project identified a Pneumatic Caisson as the preferred solution. The Immersion 
Technique was seemingly discarded early in the previous study, which is something often seen in the 
industry when the technique and its recent improvements of Immersed Tunnels worldwide are rela- 
tively unfamiliar. The versatility of the Immersed Tunnels to specific project conditions can make it 
to the optimum solution in more circumstances than initially anticipated and this should be covered 
in the decision-making before potentially eliminating the most suitable design and construction solu- 
tion. This paper exclusively focuses on the selection of the most suitable water crossing concept 
comparing three variants based on Immersion Technology with the given reference design. 
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2 LOCAL CONDITIONS AND CRITICAL ASPECTS 


The city center of Lucerne is bisected from South to West by the lake Vierwaldstattersee and 
its outlet to the river Reuss. On the south side of the lake the water crossing will connect to 
the new deep station of Lucerne. Located adjacent to the station are jetties for cruise boats 
and ferries, associated listed buildings and the Lucerne Culture and Congress Centre. The key 
challenges for the future crossing are addressed in the following. 


2.1 Construction in the city 


The central location of the site imposes constraints to the construction of the crossing. Pri- 
mary attention is given to the impact on stakeholders by assessing the impairment on current 
logistics and tourism, impediment of urban life (sound, vibration, and light) and space con- 
straints. The severity of the impacts was evaluated based on their duration and extent. 


2.2 Lake conditions and limited equipment 


The bathymetric longitudinal section along the lake crossing indicates a project water depth between 
2m and 7 m. A critical feature of the area upstream of the project location is the shallow bathymetry 
with a minimum water depth of 3 m. For this reason, a maximum draught of 2.5 m of any floating 
objects at this location is considered acceptable. It is not possible to increase the depth of the trans- 
portation channel as dredging in the lake will not be permitted for environmental reasons. 

The marine activities at the Vierwaldstattersee are limited and equipment like dredgers and 
tugboats are not available. Conventional land-based equipment will be used on floating pon- 
toons. Other floating equipment like tugboats will have to be transported on trucks or trains. 


2.3 Geotechnical and hydraulic conditions 


The geology of the lakebed in the Vierwaldstattersee is characterized by up to 5 m of uncon- 
solidated muddy sediments above loose to medium-dense resp. soft to stiff post-glacial alluvial 
deposits, see Figure 2. These consist of heterogeneous layers of clayey silt, sandy silt, and silty 
fine sand with the potential presence of gravel, large stones, and boulders from the last ice 
age. In the project area, the deposits in the outflow of Lake Lucerne into the Reuss form a 30 
to 40 m thick rock overburden, which has two partly slightly connected semi-confined aqui- 
fers. The groundwater is fed by surrounding higher areas and seeps into the lake. The water 
pressure in the aquifers is several centimeters above the hydrostatic water pressure of the lake. 

Five major seismic events, resulting in slope failures, tsunami waves, and/or soil liquefac- 
tion, occurred in the past 15 k.y (Schnellmann, et al., 2002). The strongest occurred in A.D. 
1601. Assessments of the soils at the lake crossing indicate an existing risk of soil liquefaction 
in case of major seismic events. Recent research additionally points to a significant amplifica- 
tion potential because of the rock basin location (Janusz, et al., 2022) The depth of potential 
soil liquefaction, the probability of occurrence, and the risk of damage require careful consid- 
eration with possible mitigation measures. 
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Figure 2. Geotechnical longitudinal section (water crossing in red). 
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3 REFERENCE DESIGN FOR THE WATER CROSSING 


In the previous feasibility stage, the following construction methods have been considered for 
the water crossing. 


— Immersed Tunnel (IMT) 
— Top-down cut and cover tunnel with a jetted or frozen horizontal bottom seal 
— Pneumatic Caissons 


A bored tunnel was considered unfeasible due to insufficient soil cover and was eliminated. 


3.1 Immersed tunnel 


It was assumed that dredging works for a transportation channel would not be permitted which 
ruled out that a concrete tunnel could be constructed at the external location. The considered 
location to produce the immersion elements was below the central bus station between the 
underground station and the Immersed Tunnel, covered by a lid. This solution is associated 
with technical difficulties in the production of the reinforced concrete elements. The Immersed 
Tunnel was discarded midway through the selection process between the client and consultants. 


3.2 Top-down cut and cover tunnel 


A traditional cut and cover section was assessed not to be feasible due to the challenging geotechnical 
and hydrological conditions. The alternative solution was based on a top-down approach where 
secant piles are constructed along the outer wall of the tunnel. The soil below the tunnel would then 
either be grouted or frozen to stabilize the base layer. Temporary retaining walls would be installed 
with a propping system to lower the water level to construct the roof slab. After the construction of 
the roof slab, the water level in the temporary pit would be restored and the temporary works 
removed. In the final phase, the excavation and in-situ construction of the tunnel would be conducted 
below the roof slab. The proposed solution was evaluated to be technically very challenging with high 
risk and high costs and environmental concerns have been raised for extensive grouting works. 


3.3 Pneumatic Caisson 


The Pneumatic Caissons were proposed to be sunk into the subsoil within a cofferdam construction 
that was sequentially constructed and decommissioned in three stages to limit a negative impact on 
the water flow. The individual caissons would be cast within the cofferdam structure and sunk into 
the subsoil by excavating the soil below the caisson while water ingress is stabilized by compressed 
air. The caisson joints would be constructed in a temporary dry habitat with lateral sheet pile walls 
and an underwater concrete floor slab. The Pneumatic Caisson was selected as the preferred solu- 
tion due to the benefits of the expected construction time, costs, and feasibility. 

Figure 3 illustrates the cross-section of the Pneumatic Caisson solution including the tem- 
porary measures (cofferdam, ballast water tanks, airlocks) to bring down the caisson. 


_— material & staff air lock cofferdam 


435,50 m OM. 
=; 433,58 m O.M. 


ballast water tank — — 425,00 m OM. 

caisson — 
reinforced inner shell— 
banquet — å 


415,00 m UM. 


working chamber — 
cutting edge — 


ca ~ 
pre-installed pite—— = + 
| 405,00 m a.m. 


Figure 3. Pneumatic Caisson (Preferred solution feasibility stage). 
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4 ALTERNATIVE SOLUTIONS FOR THE WATER CROSSING 


4.1 Immersion technology 


The Immersion Technology is historically developed at river crossings in soft ground condi- 
tions. In recent decades Immersion Technology has stretched the possibilities for different 
Immersed Tunnel types with their potentials and limitations in respect of depth, length and 
suitability in seismic conditions and dense urban locations. 

The next step in the development of Immersed Tunnels is the Dreilindentunnel project as 
this would be the first Immersed Tunnel in a mountain area. 


4.2 Alternative Immersed Tunnel (IMT) variants 


In the previous stage, the consideration of using Immersion Technology was limited to 
a reinforced concrete solution cast inside a dry excavation within the station box structures. 

The base case has been reevaluated and concluded that the full potential of the Immersion 
Technology where underexposed. The main reasons for reconsidering an Immersed Tunnel 
for this project are: 


— Suitability for the (soft) ground conditions 

— Suitability for removing the potential presence of boulders from glacial deposition 
Suitability for relative calm water conditions (waves and current) 

Cost and time benefits compared to the proposed Pneumatic Caisson method 


In addition, the potential to relocate the shaft structure and elevate the alignment has been 
introduced to reduce the cost and risk profile for deep excavations. 
The following Immersed Tunnel types have been evaluated against the reference design: 


A. Pneumatic Caisson (reference design) 

B. Reinforced Concrete elements cast in a cofferdam construction 
C. Single-Shell Steel elements with reinforced concrete inner shell 
D. Double-Shell Steel elements with a self-compacting concrete core 


Figure 4 below illustrates the different tunnel types considered. 


A: Pneumatic Caisson (base case) B: Reinforced Concrete IMT 


C: Single-Shell Steel IMT D: Double-Shell Steel IMT 


Figure 4. Overview of considered alternative tunnel types. 


4.2.1 Reinforced Concrete elements 

The reinforced concrete type is the most common type of Immersed Tunnel. The main chal- 
lenge for designing a concrete tunnel at this location is that it is not permitted to dredge 
a trench to transport the element from the Vierwaldstattersee to the shallow area in Lucerne. 
Therefore, it would be necessary to construct a temporary dry dock in or adjacent to the align- 
ment to facilitate the element production. 
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For this alternative it is considered to cast four monolithic tunnel elements in an 80 m long 
cofferdam construction that will be constructed in front of the Lucerne station. The elements 
will be cast one by one and immersed to their final position. The final element will be 
immersed at the end of the cofferdam within an interface structure whereafter a cut and cover 
tunnel will be constructed inside the cofferdam. 


Table 1. Overview of critical aspects with the subtopics considered. 


Main benefit(s) Main challenge(s) 


- No external production facility is needed - Feasibility to establish a dry dock within 
a temporary cofferdam (groundwater control and 
stability of the cofferdam construction) 
- The construction of concrete immersed tunnel - Limiting the impairment of urban life 
elements in a dry dock is considered a known 
method with relatively low risks 
- Limitation of marine equipment that is not avail- - Construction logistics in the city center 
able at the Vierwaldstattersee 


4.2.2 Single-Shell Steel elements 

Single-Shell Steel Immersed Tunnels are nowadays primarily used when transportation routes 
are insufficient to transport concrete elements in respect of their limitations of draught and/or 
width. This element type has an external steel membrane and can be transported like a ship 
with minimum draught to the casting location nearby its final position. Within the steel shell, 
reinforced concrete will be constructed either while afloat or on a temporary gravel bed. 

For the Dreilindentunnel the elements will be cast in three steps. At the production facility, 
the steel shell is manufactured, and a limited amount of the floor slab will be cast to improve 
the stability during transport and to limit the amount of casting work inside the city. 

At the casting facility, the remaining part of the floor slab and walls are cast when tempor- 
arily placed on a gravel bed to maximize the control against deformations. The final casting of 
the roof slab will be done while floating above the tunnel trench. 


Table 2. Overview of critical aspects with the subtopics considered. 


Main benefit(s) Main challenge(s) 


- Reducing the risk of a widespread groundwater level - Finding a suitable external location for produ- 
reduction and the stability of the temporary dry- cing the steel shell elements 
dock structure 
- Less environmental impact by omitting a temporary - Buoyancy control and deformations of the steel 
partially blockage of water flow shell during casting (asymmetrical shape) 
- Establishing a (floating) casting facility nearby 
the immersion location in the city of Lucerne 


4.2.3 Double-Shell Steel elements 

The Double-Shell Steel is a composite structure and has both an external and internal steel shell. 
Within the steel shell, self-compacting concrete will be cast while the element is floating above 
the tunnel trench. The entire steel structure is assumed to be manufactured in an external facility. 


Table 3. Overview of critical aspects with the subtopics considered (compared to Single-Shell). 


Main benefit(s) Main challenge(s) 
- Fewer construction activities inside the city of - Corrosion control of the internal steel shell (stray 
Lucerne current) 
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5 EVALUATION OF KEY ASPECTS 


5.1 Critical aspects considered for evaluation 


A trade-off matrix is used to evaluate the alternative Immersed Tunnel solutions and Pneu- 
matic Caisson from the reference design against critical aspects. Table 4 provides an overview 
of the most decisive critical aspects. 


Table 4. Overview of critical aspects with the subtopics considered. 


Main topic Critical aspects 

Feasibility Transportation, Production and casting facility, Experience, Equipment availability 
Local impact Disturbance of city and stakeholders 

Environment Flora and fauna, disturbance of waterflow, carbon emission. 

Time aspects Construction sequence of temporary works and tunnel elements 

Cost aspects Temporary and permanent works. 


Technical risks Quality, Durability, Deflection control, Unforeseen conditions (boulders, water ingress, 
blowout, hydraulic failures), earthquakes, groundwater level disturbance 

Health and Safety risks during construction 

Safety 


5.1.1 Feasibility 
From available sources, neither the Pneumatic Caisson nor Immersion Techniques have been 
applied in Switzerland before, but all solutions have been assessed to be technically feasible. 


5.1.2 Local impact 

For both the Pneumatic Caisson and Reinforced Concrete IMT the entire works will be facili- 
tated in the city center, inducing a higher degree of disturbance for a longer construction 
period in the city compared to the steel shell options. 


5.1.3 Environment 

The environmental impact from the solutions on flora and fauna, outflow of the Vierwaldstat- 
tersee and a high-level assessment of the CO, footprint is evaluated. The main differentiator 
in this evaluation is that the Pneumatic Caisson method will have higher carbon emissions as 
it requires large cofferdam construction and significant addition amount of concrete. 


5.1.4 Time aspects 

The construction program is significantly shorter using Immersion Technology. The critical 
path for the Pneumatic Caisson consists of sequential activities, while many activities for the 
Immersion Technology can be carried out parallel reducing overall construction time. For the 
Reinforced Concrete IMT, the preparation of the dry dock before element construction is 
assumed to be timewise comparable to the preparation of production and casting facility for 
the steel shell types making the timeline similar for all the IMT variants. 


5.1.5 Cost aspects 

The construction activities for the temporary works for the Reinforced Concrete IMT and 
Pneumatic Caisson are considered more complex and expensive compared to the establish- 
ment of an external production facility and casting facility for the steel shell IMTs. 


5.1.6 Technical Risks 

Large obstacles and/or unforeseen ground conditions could jeopardize the installation of stable 
temporary structures for the Reinforce concrete IMT and Pneumatic Caisson. When large boul- 
ders are encountered below the cutting edge of the caisson, they will be very difficult to remove 
and increases the risk of a blow-out. The Immersed Tunnel solution is less sensitive to boulders 
as they can be dredged or mechanically demolished and removed outside the critical path. 
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Figure 5. High level construction program. 


The water level within the cofferdam construction will be lowered to construct the caisson 
and sinking process. There is a significant risk when the two aquifers are not sufficiently con- 
trolled, it could have a negative impact on the stability of the temporary cofferdam and other 
nearby structures. For the Immersed Tunnels, sheet piles will be installed in the tunnel trench 
around the full parameter to limit the risk of connecting the aquifers during dredging works. 

The soft soil conditions are sensitive and are challenging for controlling the position of the 
Pneumatic Caisson during the sinking process within placing tolerances. When these tolerances 
are exceeded, mitigation measures to relocate the caisson are difficult if not impossible. The 
impact of these soft soil conditions is limited for the Immersed Tunnels as most of these layers 
are dredged. Misalignments during the immersion process can be corrected by repositioning. 

To ensure the durability of the steel shell solutions cathodic protection and/or sacrificial 
thickness for corrosion are considered. With the Double-Shell Steel elements, additional risk 
may occur from stray currents and additional mitigation is needed. 

Earthquakes (and soil liquefaction) during the tunnel lifetime might cause excessive cracks in 
the structural concrete or move the tunnel out of position potentially reducing the lifetime of the 
tunnel. The immersion joint can be designed for seismic conditions, and the steel shell types is less 
sensitive to earthquakes due to its higher ductility. Immersed Tunnels are also a proven and safe 
method for areas at risk of earthquakes and soft ground (ITA Working Group 11, 2016). 


5.1.7 Health and safety 
Although remote excavation systems can be used, human activities will likely take place below 
the caissons for maintenance and/or inspections. These activities will take place in a confined 
space under high air pressure conditions which elevates health and safety risks. 

For the Immersed Tunnel solutions diving work is limited to inspection works before and 
after the immersion process and will not be conducted in confined spaces. 


5.2 Evaluation method and selection 


For each of the key aspects several topics have been considered. Each of the topics has been 
given a weight between 1-5 and each aspect has been given a score between 1-5. The scoring of 
the aspects is based on engineering judgement. 


5.3 Trade-off matrix 


The trade-off matrix shown in Table 6 is the result of the evaluation of the four solutions. In 
all aspects the Pneumatic Caisson scores less than all three IMT variants, and the total score 
of the Reinforced Concrete type is smaller than the steel shell IMTs. The score for the steel 
shell types is higher mainly due to: 


— The critical path setup making the time schedule less sensitive to unforeseen incidents 
— The extension of any cofferdam/retaining wall structures being smaller reducing risks of 
deep excavations and dewatering systems 
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Table 5. Legend showing how the key aspects have been rated. 


Intensity Weight Judgement (critical aspect) Judgement (Risk) 


0 Not important Insufficient Very high 
1 Less important Moderate High 

2 Moderate importance Reasonable Serious 

3 High importance Sufficient Medium 
4 Very high importance Good Low 

5 Extreme importance Excellent Unlikely 


— The reduced Health and Safety risks for executing the works 
— The ability to move large construction task out of the city 


Table 6. Trade-off matrix scoring (average scores of sub aspects). 


(max score) Single-Shell Double-Shell 
Critical aspect Pneumatic Caisson* Steel Steel Concrete** 
Feasibility (12,5) 7 8 8 9 
Local impact (12,5) 5 9 9 8 
Environmental impact (15) 6 9 8 8 
Time aspects (13,3) 4 11 11 7 
Cost aspects (25) 10 15 15 13 
Technical risks (16,5) 7 12 12 11 
Health and Safety risks (25) 5 20 20 15 
Sum (120) 44 83 82 69 


* Reference design 
** Reinforced concrete produced in a local constructed dry-dock 


6 VERIFICATION/CONCLUSION 


Three variants based on Immersion Technique were proposed as alternatives to the Pneumatic 
Caisson tunnel for the water crossing aiming to reduce construction risks and optimize the 
construction cost and programme. Both variants using steel membranes clearly stand out in 
their evaluation from those of the Pneumatic Caisson method and the Reinforced Concrete 
elements produced in a local cut and cover section. The use of pre-manufactured tunnel elem- 
ents partly produced at a remote production facility and placed in a pre-dredged trench allows 
rapid construction progress with many activities being performed simultaneously. The behav- 
iour of the tunnel structure during seismic activity is less rigid and thus less susceptible to 
damage. Limited ground improvement measures can replace the pile foundation of the refer- 
ence design. The expected material consumption (and thereby carbon emission) for the Drei- 
lindentunnel project is decreased significantly. Overall, it can be concluded that the 
Immersion Technology as a steel shell variant is an efficient and sustainable method for the 
water crossing at the project location in Vierwaldstättersee. 
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ABSTRACT: This paper presents the challenges encountered in the construction of the twin 
2.0Km, 12.2m diameter undersea Coast Road Tunnel. Construction of the Coast Road tunnel 
was unique in many respects as it extended the barriers previously undertaken in India’s Tun- 
neling industry. The TBM, “Mavala”, named after a Maratha warrior, is currently India’s lar- 
gest and the Coast Road tunnel therefore India’s largest TBM constructed tunnel. 
Additionally, the tunnel is India’s first undersea tunnel and when commissioned its design will 
embrace all current International Highway Design and Operational Standards which include 
many unique Fire and Life Safety systems including what is believed to be the world’s first Bi- 
directional Saccardo Ventilation system. The paper presents some of the many challenges in 
achieving these unique Indian firsts. 


1 INTRODUCTION 


1.1 Background 


Every tunnel project has unique challenges that Engineers must overcome if the project must 
be delivered successfully. None so as Mumbai’s 2.0 Km twin bore 3-laned Coastal Road 
Tunnel Project. 

The Coastal Road Tunnel is an integral part of the 29.8Km Coast Road Project connecting 
South Mumbai with the northern suburbs. 

Mumbai is considered as the financial capital of India. It houses a population in excess of 
20million in a small area of 437sqkm and is surrounded by sea with nowhere to expand except 
into the sea. The constraints of the geography and the inability of the city to expand have 
already made it the densest metropolis of the world. High growth in the number of vehicles in 
the last 20 years has resulted in extreme traffic congestion as shown below, long commute 
times and a serious impact on the productivity in the city as well as reducing the quality of life 
of its citizens. The extreme traffic congestion has also resulted in Mumbai witnessing the 
worst kind of transport related pollution. With its Geographic boundary constraints any 
improvement in the road infrastructure could only be undertaken through land reclamation 
into the sea. Such geographical constraints lead to the development of the Coastal Road Pro- 
ject on the western boundary of the city. 

170 years ago, Mumbai was essentially a group of seven islands which as the city’s popula- 
tion expanded the need for more land also increased through reclamation until eventually all 
seven islands became one vast metropolis as it is today hosting a population in excess of 
20 million. This land reclamation has had a major impact on Mumbai’s unique Hydrogeo- 
logical conditions and its impact on choice of TBM, both of which are discussed in detail later 
in the paper. 
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Also, with Mumbai’s heavily congested and narrow roads transporting a 12.2m TBM 
through the narrow and continually congested streets of Mumbai posed a major challenge. 
How this was overcome is explained together with the decision-making processes on how the 
Mavala TBM was launched and re-launched using some very innovative and unique ideas 
never undertaken in India. 


Figure 1. Typical Mumbai city traffic congestion. 


2 TBM DESIGN APPROVAL PROCESS 


Due to the diversity and complexity of the hydrogeological conditions and the sensitive nature 
of tunneling under heavily congested Mumbai city which included a number of areas compris- 
ing of high-rise buildings, heritage and religious sites, dilapidated buildings, road and rail 
infrastructure and other utility tunnels, the TBM design approval process was established 
shortly after contract award. This was paramount and subsequently was the key in ensuring 
the correct choice of TBM along the alignment and obviously critical for the successful deliv- 
ery of the tunnels. 


2.1 Initial review of TBM design 


Following initial geotechnical and hydrogeological investigations which formed part of the 
tender documents, the chosen alignment and the envisaged difficulties of TBM mining beneath 
Mumbai, it was considered prudent and beneficial to engage in early discussions with contrac- 
tor and their chosen TBM supplier. These early discussions were found beneficial and brought 
an integrated approach and collaboration to the TBM design development and procurement 
processes. The following basic requirements of TBM design were established early on in the 
decision-making process with the contractor and his supplier to ensure correct choice 
of TBM. 


e Geometric parameters including alignment, excavation diameter, segmental lining prelimin- 
ary design including ring width, minimum radius of curvature etc along the alignment. 

e Geotechnical and hydrogeological parameters including position of water table, rock types, 
specific gravity, cohesion, angle of friction, elasticity and permeability of the materials to 
be mined. At this early stage of design only, Tender Geotechnical Reports were available, 
but these were deemed sufficient in detail to commence the TBM design process. 


Furthermore, it was agreed by all parties, that a reality check during each stage of design 
development would be performed following the availability of Contractor’s own additional 
geotechnical investigation reports including both Geotechnical Factual and Interpretive 
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reports. This led to the development of the outline design and choice of excavation method. 
This resulted in, 


e Assessment of key mechanical requirements of the TBM such as total thrust pressure, 
torque requirements, cutter head design layout, number and size of disks cutters, scrapers 
buckets and their respective spacing, geometrical configuration of thrust pads, annular 
grouting pressures. 

e Critical natural obstructions such as the sea, high rise buildings, critical and religious struc- 
tures, overburden and availability of land for each of the launching and reception shaft. 

e Other design loads such as gantry, thrust and main bearing loads, dead loads, storage and 
erection loads. 

e Geometrical and spatial requirements for TBM transportation through congested and the 
constrained roads of Mumbai. 


These fundamental TBM design requirements were discussed during initial design meetings 
between the contractor and manufacturer. These early meetings resulted in the outline require- 
ments for the preferred choice of TBM plus allowing design consultants, contractor and sup- 
plier to proceed in developing the outline design for the TBM of choice and the segmental 
lining design. 

Cutterhead design, thrust and torque requirement are fundamental and critical requirement for 
the successful operation of a TBM. The design configuration for the cutterhead served up some 
challenges due to the mixed nature of the ground conditions found along the alignment. Follow- 
ing the initial design meetings and confirmation that a Slurry TBM was the best choice to cater 
for the varied ground conditions, the outline design for the cutterhead was developed in detail. 

Once the outline cutterhead design was completed the manufacturer used additional geo- 
technical data obtained from contractor’s own additional investigations to validate the cutter- 
head design and develop thrust and torque requirements. These were submitted and 
subsequently approved in principle by the General Consultant acting on behalf of the Client. 
This approval in principle triggered the next process to develop the detailed design for the 
TBMs followed by fabrication and Factory Acceptance Testing (FAT). 

The Contractor for the project was awarded to L&T Construction, the TBM supplier was 
China Railway Construction Heavy Industry Corporation Limited (CRCC) and the Contractors 
Designer was Lombardi Ltd. The general specification of the TBM are shown in Table 1 below. 


Table 1. TBM general specification. 


Design Requirement Agreed Parameters 
Excavated Diameter 12.190m 
Main Drive Power 12 x 350Kw 
Maximum Cutterhead Rotation Speed 2.6rpm 
Rated Torque 26,6783KNm 
Breakout Torque 34,681KNm 
Maximum Thrust 135,113 KN 
Maximum Thrust speed 60mm/min 
Total Length 78m Approx. 
Total Power of TBM 7310KW 
Opening Ratio 35% 


3 CHALLENGES IN TBM TUNNELING 


3.1 TBM transport from Port to construction site 


Transportation a 2200T TBM from Mumbai Port to the Construction Site which is located on 
the opposite side of the city with components dimensioning 19.6m in length 6.0m in width and 
6.0m in height through narrow densely populated streets as depicted in Figure 2 was a major 
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and almost impossible task. However, this was achieved in collaboration with the Municipal 
Road Authority and other stakeholders who closed certain road and implemented diversions 
to allow the TBM components to negotiate narrow streets, over and under bridges, alongside 
heritage and high-rise buildings, railway stations and other municipal structures. 

Initially the route was planned using Google maps, advice form municipal authorities to 
eliminate use of certain roads and routes which were not able to support the TBM structure 
gauge. A number of preferred routes were identified but most of these were eliminated because 
of traffic management issues, logistics to key centers, high risk of impact to structures and 
structural gauge. 

Eventually a route was found, and a template constructed and mounted upon a specially 
constructed flatbed vehicle to test structural gauge capability. During this process certain 
modification and changes had to be made to the route and indeed certain structures and com- 
ponents of the TBM to allow transportation. Once a defined route was confirmed the same 
template was erected on the vehicle to be used for the actual transportation of the TBM to 
ensure the vehicle was able to negotiate the route for clearances and vehicle maneuverability. 
This confirmed the feasibility of the route. 

On completion of the structural gauge feasibility study and confirmation on maneuverabil- 
ity of the transportation vehicle, TBM transport from port to site commenced much to the 
disbelief of the public. Transportation of all components from port to site was undertaken at 
night to reduce impact on the community and the congested road network of Mumbai. 


3.2 TBM erection and lowering into launch shaft 


Erection of the TBM then subsequent lowering of the machine into the launching shaft using 
large and heavy components presented another and completely separate challenge. Never had 
such a TBM of this size and weight ever been assembled in India, so experience was limited. 
Lifting and lowering of components of the size and dimension of TBM Mavala had only ever 
been taken in Mumbai’s Ship building industry so advice and equipment utilized was sought 
following consultation from experts in the Ship Building fraternity. 

Following consultation with local Crane specialists and knowledge gained from consult- 
ation with the ship building industry it was decided to erect the TBM main components of 
cutterhead, shields and gantries on the surface and then to lower them into the shaft fully 
assembled using a Mega-lift crane initially designed for use in ship building. This approach 
allowed the simultaneous work fronts to be undertaken which included, 


e Assembly of the TBM main components to be erected in open space without the confines 
and restrictions of undertaking the same in a limited space launch shaft. 

e Commence assembly of the TBM cradle within the shaft and therefore not delaying assem- 
bly of the TBM and Gantries. 

e Commencement and installation of the Mega-lift crane within the shaft whilst erection of 
the TBM was ongoing. 


All three activities being undertaken simultaneously saved approximately 3 months to the 
project compared to the original approach of cradle assembly, base slab curing and TBM lower- 
ing and assembly in shaft. Assembling the TBM on the surface utilized a standard 250T crawler 
crane. The general arrangement showing the Mega-lift and shaft are shown in Figure 2. 


3.3. Tunneling 


3.3.1 Sinkholes 
Over the complete TBM excavation, mining was generally good with an average excavation 
rate over the entire drive of 15m/day. 

However, during TBM tunneling we did encounter some unforeseen ground conditions 
which imposed challenges that needed to be overcome namely sinkholes which are to be 
expected when mining through reclaimed and infill deposits. 
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Figure 2. General arrangement of Mega-lift above launch shaft. 


One such incidence occurred 25m after the initial launch of the TBM when a sink hole 
occurred on a surface lagoon adjacent to the tunnel alignment. Although the TBM chamber 
pressure was set at the required operating mode and pressure to ensure that slurry was not 
being deposited into the sea via unknown fissures, a large volume of slurry, large boulders 
(Reclaimed Land Deposits) entered the cutting chamber of the TBM. Trying to flush out the 
chamber resulted in continual tripping of the cutterhead power supply because of the contain- 
ment effect induced by the ground loss. 

Despite a number of various attempts to consolidate the chamber and the material above 
and around the cutterhead using slurry and compressed air which was continually being lost 
through fissures connecting the sea and the sinkhole itself, a decision to stop the TBM and 
consolidate the surrounding ground ahead and adjacent to the TBM position was 
implemented. 

The investigation into the cause of the sinkhole concluded that a number of factors came 
together at the same time to create a situation that was almost impossible to control during 
normal TBM operations. Extremely high tides combined with reclaimed land comprising of 
silts, large boulders and weathered breccia resulted in increased fluidity of the material being 
excavated immediately above and ahead of the TBM position, which resulted in a loss of face 
pressure resulting in a fluid flow or ground mass that when it started to flow was impossible 
to control. 

On this incident the decision was made to seal the TBM chamber and perform TAM and 
Packer grouting to consolidate the ground around the sinkhole and TBM whilst reducing per- 
meability of the material immediately ahead of the TBM. 

Lessons learnt from the incident included the following, 


¢ That ground improvements ahead of the TBM will be required when similar ground condi- 
tions exist ahead of the TBM wherever it is possible to do so (Undersea Tunnel). 

¢ That reclaimed materials used for land reclamation varied immensely in particle size distri- 
bution from fine silts to large boulders and changes frequently and quickly. 

¢ That tidal influences have a great impact on the behavior of the reclaimed land material 
and since we are excavating adjacent and beneath the sea the TBM chamber pressure 
should reflect tidal conditions to prevent outburst of grout and slurry through fissures to 
the sea. 

e Closely monitor the TBM operating parameters especially face pressure and slurry proper- 
ties to monitor ground loss and ensure that the chamber is not over or under underpressur- 
ized during operation. 

e Where possible increase frequency of surface monitoring ahead of the TBM. 

e Prepare a contingency plan with appropriate action plans when TBM operating parameters 
commence or suddenly change from the expected operational mode. 
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3.3.2 Fissures & annular grouting 

As stated above the alignment of each of the 2.2 km tunnels was adjacent to or underneath high 
tide water level. Initial geotechnical investigations and knowledge of tunneling in Mumbai con- 
firmed that there are numerous fissures connecting the sub-base rocks and infill with the sea 
which itself influences chamber operating pressure requirements. With an ever varying hydro- 
static head, dramatic changes in ground conditions, care was needed to prevent over pressuriz- 
ing the chamber which could have resulted in loss of slurry through fissures to the sea or indeed 
surface bursting resulting in environmental contamination or indeed lack of pressure resulting 
in loss of ground being excavated. Maintaining and continual monitoring of exact face pressure, 
TBM operating parameters and tidal conditions during mining was extremely important and, in 
some instances, due to changes in ground conditions difficult to control. 

Additionally, fissures connecting the sea to the tunnel not only resulted in additional vol- 
umes of grout having to be injected into the annulus but also tended to dilute and reduce the 
performance of the grout due to the salinity of the water. 

Grout quality control, monitoring volumes and pressures with an ever-changing hydrostatic 
head and fissures proved a very challenging task but was essential in ensuring contact between 
the tunnel segment and the surrounding fissured and in some stretch’s fluid ground conditions. 

To ensure effective filling of the annulus, grout was injected simultaneously at 4 locations 
on the TBM shield, 2, 4,8 and 10 O’clock positions to ensure an even distribution of the grout 
and in particular to ensure consolidation of the invert as the ring left the tail skin shield and 
rested upon a good foundation. 

Cores for grout quality were taken every 10 rings behind the TBM to ensure grouting effi- 
ciency in filling the annular void and allow testing of the quality of the grout. 

Lessons learnt demonstrated that annular grouting in heavily fissured and water bearing 
ground with an ocean as a reservoir is extremely important in ensuring consolidation of the 
ring especially in saturated and unconsolidated ground conditions. Injection pressures need to 
be such that they are just above hydrostatic to fill any voids in the fissures whilst ensuring that 
grout loss to the sea is prevented. Continual monitoring of injection pressures and regular test- 
ing of the grout through coring to check efficiency and quality is extremely important in such 
ground conditions. 


3.3.3 Monsoon preparedness 

Mumbai experiences over 90” of rainfall per year with 90% falling over a two-month period 
known as the Monsoon Season which extends throughout it’s peak in July and August. Such 
high rainfalls over a short period causes huge problems especially when combined with high 
tides. Roads become flooded, drainage systems become ineffective, transportation and power 
supplies become sporadically affected resulting in extremely difficult working conditions for 
construction projects especially those located beneath the water table. Typical flooding in 
Mumbai during Monsoon season is shown in Figure 3. 


Figure 3. Typical monsoon flooding. 
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On one such incident which occurred during tunneling of the first TBM drive when ground 
supporting an unknown aquifer with adjoining fissures to the sea failed and discharged itself 
into the launching shaft. 

The TBM had excavated approximately 500m on a slight downgrade from the launch shaft. 
Although all the provisions were in place for such an inundation namely pumps, standby gen- 
erators, procedures etc, the inrush of water combined with its suddenness and other aforemen- 
tioned factors overwhelmed the equipment resulting in flooding to the launch shaft and the 
tunnel. 

This unforeseen event was due to several factors including continuous monsoon rain, high 
tidal levels, interruptions from reliable power supplies, erosion around the secant piles due to 
monsoon storms, construction site overlaid with reclaimed material which varied in consist- 
ency all came together simultaneously. 

Fortunately, although TBM excavation was stopped because the tunnel was flooded up to 
6.0m above the invert level at the TBM location no serious damage resulted to the TBM. 
Recovery and replacement of some TBM component took approximately 4 weeks. 

Lessons learned from this experience were as follows, 


° Expect the unexpected during the Monsoon season in Mumbai 

e Never rely upon a guaranteed power supply to ensure power provisions for contingency 
equipment during monsoons. 

e Oversize and never undersize equipment to be used for contingency purposes. 

e Always perform consolidation grouting around shafts where possible link connections to 
an aquifer or adjacent sea exists 


3.4 TBM breakthrough & relaunch 


TBM breakthrough into the reception shaft was undertaken by conventional means using 
a bullflex seal, reinforced headwall onto a steel cradle with the initial plan to dismantle 
the TBM and transport it back via road or barge back to the initial launching shaft 
where all the TBM support systems were located. However, based on the experiences of 
transporting the TBM through the streets of Mumbai together with the logistics and time 
estimated in performing this task (6 Months to relaunch) discussions were raised on the 
feasibility of investigating other options and to utilize the first completed tunnel as 
a connection passage between the launch and reception shaft locations for supplying the 
TBM on its second drive. 

Optioneering commenced as the TBM was being recovered onto the reception cradle. The 
Options investigated included the following, 


1. Option 1 - Original option to dismantle the TBM and transport back to launching shaft. 

2. Option 2 - Slide and Rotate the TBM 180° within the reception shaft, recover all gantries 
from the shaft and transport them to relaunch location with all TBM support services 
(Grout, power, water and segments being serviced from the initial drive tunnel. 

3. Option 3 - Slide and Rotate the TBM 180° within the reception shaft, recover all gantries 
from the shaft and transport them to relaunch location and; dismantle all TBM support 
services and transport them to the new launching shaft. 


All options were considered in terms of logistics, program, costs and impact on other civil 
construction works such as Conventional Tunneling, Cut and Cover and Utility tunnel works. 

The option chosen was option 3. The reason for this choice allowed easy transport of tunnel 
services through the tunnel and on completion provided unrestricted access for commence- 
ment of Conventional tunneling of cross passage, cut and cover and utility tunnel works in the 
completed first drive tunnel. However, this relied upon finding a method to laterally move the 
TBM and rotate it 180° within a very confined reception shaft which was never designed for 
TBM rotation but only vertical recovery. 

The answer was again found in the ship building and heavy civils (Bridge) industry where 
large tonnages of pre-fabricated ships or bridge sections are moved and rotated into positions 
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using tracked Teflon skids and hydraulic rams before final positioning or sectional welding is 
used to complete assembly of bridges or ships. 

The concept has never been used on TBM’s in India, but in collaboration with the skid sup- 
plier a system was designed and manufactured to move laterally then rotate a 400T 12m diam- 
eter TBM sitting on a steel fabricated cradle. 

The general skid arrangement for moving the TBM laterally across the reception shaft is 
shown Figure 4. 


Figure 4. General skid arrangement. 


To rotate the 400T TBM a similar arrangement was designed and manufactured with the 
skid supplier which comprised of a circular skidding system in conjunction with a series of 
skid shoes moved by hydraulic push-pull rams over a pre-constructed circular track. A series 
of special PTFE coated pads are placed on the skid tracks to reduce friction. The skid shoes 
were then connected by a series of centrally located hydraulic cylinders to a reaction block 
located within the circular track and when activated the TBM slowly rotated. 


3.5 Instrumentation and monitoring during TBM excavation 


Since the TBM was in some locations excavating only 20-25m beneath dilapidated and high- 
rise buildings, rail lines, water reservoirs and a local beach, a comprehensive instrumentation, 
monitoring, data management and reporting regime was adopted prior to commencement of 
TBM tunnel excavation. 

The philosophy adopted was initially developed by the detailed design consultant in con- 
sultation with the Clients representative Aecom who had extensive experience with TBM tun- 
neling monitoring beneath Mumbai’s metropolis whilst acting as General Consultant on 
Mumbai Line 3 Metro Project which utilized 17 TBM’s to excavate 64Km of TBM tunnels in 
similar geological ground conditions albeit not in such close proximity to the sea. 

Although instrumentation is a dedicated paper, the concept adopted on this extremely import- 
ant tunnel activity on the Coastal Road Project is highlighted here solely for completeness. 

The existing buildings along the alignment were all individually structurally inspected and 
all relevant data regarding their foundations state of structural integrity etc was collated. 
A review of this data together with the local geotechnical data collated from ground investiga- 
tions in close proximity to the buildings and other structures allowed each building, structure 
and area to be characterized into 3 distinct categories each given a sensitivity value in terms of 
impact from TBM construction activities. 

Following this categorization an array of instruments was chosen for each building/struc- 
ture which included vibration, ground settlement, optical tilt targets, electrical crack-meters 
and ground extensometers. The number and type chosen for each building/structure was 
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wholly dependent upon the sensitivity and the potential impact on the structure by tunneling 
activities. 

Baseline readings were established on all instruments at least one month ahead of antici- 
pated tunnel excavation using automated data loggers, switch boxes and automated baseline 
stations to a centralized computer used for data acquisition, interpretation of results and gen- 
eration graphs and tables from the data received. This was also supported by continual 24/7 
onsite monitoring. 

Continual monitoring of buildings as the TBM approached each individual building, struc- 
ture or open public ground was managed by a dedicated team of experienced engineers who 
produced daily & weekly reports and continually informed the TBM excavation Management 
and Senior Project Management Teams when any pre-defined alarms were initiated. This was 
done initially and continually through “What’s App” for the continuous monitoring of the 
structures and then continual reporting via email and the control center which was the nerve 
center for all TBM activities. 


4 CONCLUSIONS 


We would like to conclude here with a message that one of the most prestigious jobs in India 
is getting executed on a fast track basis with some of the most competent global contractors 
and a very proactive client. We are near 95% completion and well on track to complete the 
job on time with quality of construction of global quality and within budget a rarity these 
days The project is a milestone not only in terms of the size and what it will achieve for Mum- 
baikars but also proud to conclude that it currently is the largest diameter TBM tunnel in 
India, first project to execute monopile in bridges in India and with a Saccardo system of ven- 
tilation being introduced for the first time in India’s tunnels and its uniqueness globally for its 
reversibility. The project is a first for many aspects of tunnel construction in India and will set 
the benchmark for many other sustainable projects to come on the Indian subcontinent. 
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ABSTRACT: São Paulo Line 6 is currently one of the most challenging projects worldwide. 
A design and build megaproject integrating the simultaneous construction of more than 
15 km of TBM tunnel, 15 stations, 17 shafts and around 2km of non-mechanized tunnels. The 
main tunnel is divided in two streches, to be bored by two EPB-TBMs (10.61m OD) starting 
from the same shaft — VSE Tiete. The north run starts right in the transition between sedi- 
mentary soil and hard granite, with a 40m long parallel fault to the tunnel drive — Taxaquara 
Fault. A complete risk analysis of the construction methodoloy was performed, consubstanti- 
ated in a special geotechnical and hydrogeological survey, which concluded that the best solu- 
tion would be the combination of twin shafts with a series of sprayed concrete lining (SCL) 
tunnels with external and internal dewatering. This paper describes the risk assessment, 
design, and construction phase necessary to successfully complete this challenge. 


1 INTRODUCTION 


Sao Paulo Line 6 is currently the biggest metro project in South America. With several com- 
plex challenges to face, the excavation of the Taxaquara Fault is deemed as the most signifi- 
cant challenge in the beginning of the implementation of this endeavor. 

The excavation of its main tunnel is divided in North and South stretch with two TBMs 
starting from the same shaft — VSE Tiete. The beginning of the excavation of the north tunnel 
faces the transition between the Resende formation (soil) and the Cantareira hard granite, the 
so called Taxaquara Fault. 

The Taxaquara fault is a regional Precambrian strike-slip fault with E-W direction, reacti- 
vated in the Tertiary as the northern edge of the São Paulo Sedimentary Basin. Geological 
studies have identified a mylonitic formation related to the granites of this unit and associated 
with Taxaquara Fault Zone. Further investigations indicated a large range of uniaxial com- 
pressive strength, high abrasivity and erratic permeability values. 


2 ORIGINAL CHARACTERIZATION AND RISK ASSESSEMNT 


The Taxaquara fault was characterized in the tender documentation with only sparse bore- 
holes data and some piezometers. The available information at the time was not enough to 
properly characterize the fault in terms of length, transition geometry, rock excavability or 
dewatering feasability. 

On the other hand, the tender design predicted that the dual TBM-EPB would start from 
the VSE Tiete shaft and fully excavate in EPB mode the fault until achieving competent hard 
rock. 
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A preliminary risk assessment was performed to evaluate if the original design would be 
followed or if a new solution would be developed. The conclusion of this assessment raised 
concerns around the following key topics: 


e Associated risks and uncertainties with the TBM crew being in the learning phase; 

e Real capacity for the TBM to operate in EPB mode due to the expected density of the rock 
matrix, and instabilities caused by sudden loss of face support pressure due to the high per- 
meability of the fault zone; 

e Rock abrasivity and TBM cutting tools wearing and durability; 

e Geomechanical behavior, including face instability and loss of pressure hyperbaric 
interventions; 

e Hydrogeological behavior and dewatering capacity; 

° Efficiency of ground improvements such as cement/chemical injections, pipe umbrella, etc. 


Considering this assessment, the decision was to undertake a full geotechnical survey with 
laboratory and dewatering tests to substantiate the definition of a new solution. 


3 GEOLOGIC AND GEOTECHNICAL ASPECTS 


3.1 Regional geology 


The excavations are integrated in the geological context of the Taxaquara Fault, which is sur- 
rounded in the north by the Cantareira granite and in the south the Sao Paulo sedimentary 
basin with aluvionar soil at the surface level. Taxaquara Fault has a E-W orientation, being 
parallel to the Tiete River, being identified as mylonitic formation related to the granites of 
this unit and associated with Taxaquara Fault Zone. The mylonitization is considered syntec- 
tonic to the emplacement of the mentioned granites. 


-g SHEAR Zot LINEAMENT 


Figure 1. Line 6 location in the tectonic map of the São Paulo metropolitan area. 


3.2 Local geology 


3.2.1 Extended geotechnical survey 

As referred previously, originally the level of geotechnical and geological information was not 
enough to properly characterize the Taxaquara fault. An extended geotechnical survey was 
designed to improve the geological characterization and obtain more accurate geotechnical 
and geomechanically parameters. 
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Table 1. Tests compilation. 


Boreholes and geophysics Groundwater behavior Laboratory Tests 

9 Vertical (358,72m) 14 Casagrande piezometers 4 CERCHAR Index, 

5 Inclined (260,81m) 120 Lugeon 6 UCS (Uniaxial compressive strength) 
5 Television logging Dewatering test 2 BTS (Brazilian tensile test) 

2 Seismic lines (>200m each) 4 Drillability, quartz content 


Table 2. Laboratory tests. 


UCS (MPa) BTS (MPa) E (GPa) CERCHAR Quartz (%) 
Mean 70,26 8,3 50,55 4,3 51,9 
Median 60,54 8,3 58,29 4,3 52,3 
Maximum 160,87 9,5 74,37 4,5 53,04 
Minimum 12,02 7,1 7,16 4,1 50,06 


For the Taxaquara fault two geomechanical classifications systems were used: Rock Mass 
Rating (RMR) and Geological Structure Index (GSI).With the newly geological data gathered 
it was concluded that two different domains, with different geomechanical behavior would 
prevail. The first one would be categorized as Granite (GI), and the second as Weathered 
Mylonite (FL). 


GI : FL GI FL 

Values Ratings | Values Ratings mb 2933 1005 

UCS(MPa) ' 30-100 7: 5-25 4 s 0.0013 454e5 

RQD (26) ' 0-75 13! 6-30 P a osu 0.585 

Discontimities: ! F He FoU 7 C (MPa) 0.256 0,065 

# spacing (m) : 0,220.9 12; <0,1 6 PM A) 58,94 39,69 

$ condition | ab 17! b) 7 GSI SCORE 40 20 
GW condition | Da- W g: Dr-F) 2 
RMR SCORE ` Class HI 52: Class V 16 


a) Slightly rough surfaces, Separation 0,5 - 3mm, Weathered walls 
b) Slickensided surfaces, Separation 1 - 5 mm, Continuous, Highly weathered walls 


[P — Fair] | [U - Unfavorable] | [Da - Damp] | [|W — Wet] (Dr— Dripping] [FI — Flowing] 


Figure 2. RMR and GSI scores. 


3.2.2 Dewatering test 

The hydrogeological behavior of the Taxaquara fault was studied with the data provided by the 
Lugeon tests but above all by the execution of a dewatering test. The results obtained in around 
120 lugeon tests showed high dispersion and heterogenous behavior with permeability values in 
the order of 10° cm/s and 10“ cm/s, with some vertical stretches with higher permeability. 

The dewatering test performed with two 40cm diameter deep wells parallel to the fault and 
transversal to the tunnel run, conclude the feasibility to dewater. From this test it was possible 
to estimate that the mean permeability coefficient was in the order of 3x10° cm/s but on the 
other hand the extracted volume was around 3 m*/h, which demonstrates a low aquiferous 
alimentation. 
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3.2.3 Geotechnical profile 

The Taxaquara fault was formed due to a proterozoical shear zone reactivated after exten- 
sions forces in the tertiary era, which generated a staggered deposition of faulty reject. This 
aspect delimitates the geotechnical profile geometry and the transition between soil, mylonite 
and granite. 

The area between the starting shaft (VSE Tiete) and the mylonite is categorized as “Resende 
Formation” constituted by hard clays and compact clayey sand, characterized by the lack of hori- 
zontal and vertical continuity typical of the geological alluvial fan deposition origin. The “fault 
box” as show in Figure 3 is categorized as Mylonite in which it is visible the ductile and brittle 
deformation of the rock, with foliation, recrystallization and orientation of its minerals with intense 
fractures, related with the Pre-Cambrian shear zone, as well as nucleus or zones with less fractures 
resulting in a highly erratic and heterogenous behavior. This region presents predominately class 
V/TV (RMR) with some rare class III. Afterwards in an abrupt almost vertical transition the Gran- 
ite appears with predomination of class HI (RMR) evolving to class II in the north direction. 


Fractured rock - Class VAV 


Figure 3. Borehole SM-8114 [Mylonite]. 


Cg I — 


Figure 4. Tridimensional geological model in the taxaquara fault region. 
4 FINAL DESIGN 


4.1 Concept 


The distance between the VSE Tiete shaft to the sound rock was in the order of 90m, of which 
around 13m were fully in soil and the remaining with faulty rock in the excavation area. The 
available space at surface directly above the tunnel was limited to only 40m after the rental of 
some warehouses. 

With the information obtained from the detailed investigations a new concept arose based 
on the following principles: 


¢ The design must be flexible with strong toolbox additional measurements and contingencies 
if the ground conditions are worse than expected; 
e Dewatering must be always assured by external and/or internal dewatering mechanisms; 
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Figure 5. Geotechnical longitudinal profile (1H:2.5V). 


e Excavation faces areas must be limited with partialized horizontal and vertical advances, 
exposed as minimum time as possible; 

e Ground improvements shall be based on steel solutions as they cannot be “washed out”; 

e Reliance on the observational method with constant analysis of geotechnical and structural 
monitoring, dewatering systems, and ground conditions. 


With these principles set in stone the excavation method using the TBM was excluded as it 
didn’t allow for sufficient flexibility to apply more robust measures if needed and didn’t allow 
any kind of face partialization. 


4.2 Solution 


The design process was focused on the maximization of the utilization of self-sustained struc- 
tures such as circular shafts, as opposed to diaphragm walls that would need to be supported 
by anchors and pinned in rock, demanding equipment such as hidromill, which would face 
considerable challenges due the erratic and abrasive behavior of the faulty rock. 

The utilization of twin circular shafts almost tangent to each other encompassing most of 
the fault would minimize the risk associated with the underground excavation. The shafts 
proximity restrained the ground movements and reduced the likelihood of collapses. 

Finally, this type of approach allowed great amplitude in the actuation of contingencies if the 
need arises, with different toolbox measures available due to the great versatility of the solution. 

With that in mind the solution was based on two 17m diameter 35m deep circular shafts 
distanced by less than 4m, in which one of the shafts would be excavated in the soil-fault tran- 
sition while the other shaft would be integrally in the fault. The remaining part would be 


Table 3. Performance requirements and toolbox measures. 


Dewatering Excavation Structures 
Requirement No instability due to No instability that can evolve for No lining failure 
water flow a global failure mechanism 
Validation  Piezometers. No signifi- No generation and propagation of Limited circumferential/ 
cative water inflow “erosive” processes. longitudinal cracking. 
No excessive deformation 
Toolbox Second set of deep wells Increase ground treatments Thickness increase 
Measures Additional Vacuum adjusted to real face mapping Reinforcement solution 
drains Further partialization if asymmetric loading 
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excavated underground in three 12,5m diameter tunnels connecting the VSE Tiete Shaft until 
at least 4m in rock — class IH. The TBM would then be assembled in the shafts and proceed 
the excavation of the main tunnel from there. 

An external dewatering system would be in place covering the fault area with 0,40m 
diameter gravitational deep wells, and the option to install subvertical vacuum wellpoints 
from the shaft as the excavation advanced and horizontal vacuum drains as the SCL 
tunnels advanced. 


North Shaft South Shaft 


= CORTE E-E 


CORTE D-D = ~~ 


Figure 6. Design overview. 


5 CONSTRUCTION PHASE 


The surface level of both shafts is 721,70mAOD (Above Ordnance Datum), while the excava- 
tion would terminate at the 688,79m level. 


5.1 Instrumentation & dewatering 


A full geotechnical and structuring monitoring system was applied, consisting of surface 
measurement points (ground and buildings), extensometers above the tunnel crown and con- 
vergence measurements at each 7m in both shafts and tunnels. The measurement frequency 
was daily, and the vast majority of the results were of low magnitude (<10mm), as expected 
in the design without any special event to highlight. 

The installation of 12 dewatering wells surrounding the shafts North and South was man- 
datory with the option to install additional ones. The activation of the wells was made in 
phases, with most of the piezometers achieving the “dry” status so no additional wells were 
needed. The stabilization of the volumes and water levels were quite fast with a total stabil- 
ized water volume of 20m?/h. During the shafts excavation no additional water control 
measures were needed. During the tunnel’s excavation, longitudinal 12m drains were 
installed. 
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5.2 Excavation 


5.2.1 Shafts 

After the conclusion of the Jet Grouting the excavation of the South Shaft started, taking 
around 140 days to be concluded. The advancement rate was slow and meticulous with the 
excavation being fully performed with mechanical tools without the use of drill and blast tech- 
niques. While the transition between the soil from the Resende Formation and the Mylonite 
occurred over more than 18 advances the concrete lining showed small deformations and 
there wasn’t rock/soil fall. 

The excavation of the North Shaft started more than 30 days after its twin taking 138 days 
to complete. After the first Sm, the excavation was developed integrally in Mylonite mostly 
with mechanical tools and localized low-intensity controlled blasting to fracture the rock. The 
vibration outputs were generally below the 5 mm/s. 

In both shaft excavation the pipe umbrella schematics were adjusted, as the excavation 
advanced in good conditions in terms of local stability, no water ingress and no lining deform- 
ation of note, replacing the original self-drilling pipes with 3 phases of injection with standard 
pipes with a single-phase injection. 


SOUTH SHAFT ar w an 
- 


e 


- ir m 


B Landfill | | Organse soil ‘a Allin saat B Resende formation | Mytlonite 


Figure 7. Excavation mapping South (left) and North (right) Shaft. 


Figure 8. Mylonite excavated in South (left) and North (right) Shaft. 


5.2.2 Tunnels 

The tunnels excavated in Mylonite were classified as class V/IV as predicted in the models. The 
excavation face, while quite structured did have enough stand-up time to complete the excavation 
and apply the first shotcrete protection layer in safe conditions. The orientation of the discontinu- 
ities while quite erratic followed a main direction which was favorable to the local stability. 

The southbound tunnels, between VSE Tiete and South shafts were excavated from both 
shafts, The crown mostly in soil, with a temporary invert, and controlled advances behaved as 
intended without any rock/soil fall or stability problems. The bench /invert were excavated 
mechanically with controlled blasting and localized anchors when the mylonite showed poten- 
tial instability. 


2307 


The northbound tunnel starting from the North shaft was excavated 11m which was the 
minimum length needed to reach class III granite. The only roof ground improvement was 
done from the shaft, with the crown excavated mechanically in both mylonite (first 9m) and 
granite with the partialization and lining as defined in the design. The bench/invert were exca- 
vated as in the south tunnels. Additional gravitational drains were applied with a extracted 
volume around 2,0m°/h. 

The last stretch to be completed was the short tunnel between shafts. This tunnel was 
reinforced with roof pipe umbrella connecting both shafts providing a considerable increment 
to the roof stability of the tunnel. The excavation itself was meticulous with crown and bench 
excavated with mechanical tools and the invert with localized blasting. 
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Figure 9. 


Figure 10. Tunnel excavation details. 
6 LESSONS LEARNED 


The implementation of an underground work in a faulty region is always a complex and chal- 
lenging endeavor as each fault has a unique set of conditions that are difficult to characterize 
and generate a design around an expected and predictable behavior. Having uncertainties of 
such type demands a holistic approach to generate a solution that can have enough flexibility 
to surpassed different challenges as they occur. 

Several lessons were obtained during the development and construction of the solution that 
allowed the successful completion of this project milestone. In essence: 


e The need of a robust and diversified geological and geotechnical survey campaign that 
enables the generation of data not only for the design in itself but also for understanding of 
the constructability of the solution. 

° In situ dewatering test with extensive monitoring proved to be crucial for the understanding 
of the hydrogeological behavior and assessment of the feasibility of the dewatering system. 

° Strong risk analysis integrated in the engineering decision making process is essential. 
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Capacity to “start from scratch” is fundamental if new data indicates a more complex scen- 
ario than the originally expected. 

A flexible solution with robust default ground improvements and the possibility of applying 
further toolbox solutions as needed is advisable. 

Proper dewatering and water control is fundamental as the stability increases significantly. 
Vertical excavation in small vertical and horizontal advancements such as shafts behave 
quite well, being able to face the soil-fault transition without significant problems. 

While Mylonite is essentially a rocky ground, adopting a “tunnel in soft soil type” of lining, 
partialization and ground improvements proved adequate and safe. 

Small advancement steps (80cm) and the limitation of use of blasting in the crown is also 
advisable to maintain control of the face stability with ease. 
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shields through data analytics 
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ABSTRACT: The utilization of EPB shields has advanced tunnel construction but there are 
still certain tunnelling risks such as settlements, sinkholes and movement/ vibrations to neigh- 
boring existing infrastructures (Shirlaw & Boone. 2005). In order to minimize and prevent 
such risks, derivation of over-excavation ratio by volume and weight of excavated material is 
required. Along with that, Building and Construction Authority (BCA. 2017) also enforced 
a regulation that over or under — excavation ratios (OERs) excavation should not exceed 
+15% (over 115% or below 85%). However, in the local industry, the over-excavation ratios 
(OERs) reported by tunnelling contractors are based on rough estimation since factors such 
as spillages during the muck skips transportation, error from the crane measurement were 
unaccounted for. This paper reviews data retrieved from past tunnelling works, establishes 
a framework for back analyzing excavation data and proposes correction and bulking factors 
to better estimate the OERs. 


1 INTRODUCTION 


Underground tunneling works have been carried out in Singapore since the early eighties, 
extending the railway system over the decades (Ow, Kulaindran, Knight-Hassell & Seah. 
2004). Some of these tunnelling works were carried out utilizing a type of tunnel boring 
machine (TBM) called the Earth Pressure Balance (EPB) Shields for soft ground conditions 
(Herrenknecht & Rehm. 2003 and EFNARC. 2003 and EFNARC. 2005). 

EPB shields has brought about numerous tunneling risks such as settlements, sinkholes and 
movement of neighboring existing infrastructures (Shirlaw & Boone. 2005). In order to min- 
imize and prevent such risks, derivation of over-excavation ratio by volume and weight of 
excavated material is required. Building and Construction Authority (BCA. 2017) also 
enforced a regulation that over or under- excavation should not exceed +15% (over 115% or 
below 85%). In the local industry, the OERs reported by tunnelling contractors may not be 
reliable since factors elaborated as below were unaccounted for. such as spillages from muck 
skips transportation, soil sticking within muck skips and discrepancy from weighting of muck 
skips by gantry crane. 


1.1 Variation of soil properties due to inhomogeneous soil profile 


It is commonly assumed that the ground is homogeneous hence predictions and tabulations 
often neglect to include local variability/ fluctuation of soil properties such as density/ bulk 
unit weight and bulking factor during underground tunnelling works. Assumptions of soil 
properties tend to assert a level of uncertainty to predictions (Jones & Hunt. 2012) hence it is 
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essential to carry out sufficient site investigation works for feasibility studies prior to physical 
tunnelling works. This could in turn minimize ambiguity in tabulation of OERs to achieve 
a more realistic outcome. 


1.2 Spillage from muck skips during transportation between point of excavation and weighting 
by gantry crane 


Additionally, there is also possibility of spillage of excavated materials from muck skips 
between the point of excavation at TBM cutter head and weighting by gantry. Should there be 
occurrence of spillage from the muck skips, the OERS tabulated would reflect lower than 
reality. 


1.3 Effects of soil conditioners! additives on geotechnical parameters 


EPB machine excavation performances are also dependent on the effects of soil properties 
after application of soil conditioners/ additives (Wei, Wang & Jie. 2020). With application of 
soil conditioners/ additives, density/ bulk unit weight of soil strata could be significantly lower 
hence resulting in lower OERs acquired. 


1.4 Fluctuation of measurement reading due to swaying of muck skips during weighting by 
gantry crane 


During measurement by gantry crane, muck skips are lifted and motion of swaying could 
result in fluctuation of weight measurement. Based on LTA’s in-house study, it was deter- 
mined that this motion resulted in error/ deviation of approximately 1%. The error/ difference 
is minimal however it could be rectified with the derivation/ establish of a correction factor. 


1.5 Remaining soil sticking at the bottom of muck skips from previous batches 


Depending on the excavated soil conditions, the excavated materials could possibly stick 
at the bottom of the muck skips and through re-using of these mucks for different 
batches, the weight measured could be inaccurate which in turn results in unrealistic 
tabulation of OERs. 

This paper focuses on establishing a realistic framework or a set of values by estimating the 
bulking and correction factors by back-analysis and evaluating the OERs. The values and fac- 
tors applied aims to determine more accurate OERs and could be considered for future tun- 
nelling works. The realistic OERs are determined by two methods: Volume and Weight 
approach. Details of these methods are discussed in the following sections. 


2 ESTIMATION OF BULKING AND CORRECTION FACTORS 


As discussed above, the determination of realistic OERs is carried out by: (1) Volume 
approach (Back-Analyzed Bulking Factor) and (ii) Weight approach (Correction Factor). 


2.1 Volume approach ( Back-analyzed bulking factor) 


This approach analyzes the ratio of the net measured volume to the expected excavated 
volume for every set of specific rings through the derivation of new bulking factors. In this 
paper, the bulking factor is defined as the ratio of the measured excavated material volume to 
the expected excavated material volume tabulated based on the cutter head size. The volume 
approach methodology is defined in below Figure 1 flowchart: 
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Bulking Factor (BF) = Measured excavated volume/ Expected excavated volume 
Bulking Factor averaged for every set of n rings (suggest set of 10 or 20 rings) 


Corrected excavated volume = Averaged Bulking Factor x Expected excavated volume 
OER = (Measured excavated volume — Additives* volume) / Corrected excavated volume 


Figure 1. Volume approach methodology flow chart. 


*Where: Additives volume refers to the amount of soil conditioners added during tunnelling as measured by the 
tunnel boring machine. 


2.2 Weight approach (Correction factor) 


This approach shall derive correction factor with the ratio of site investigation density to back- 
analyzed density for every set of specific rings to achieve revised density and more realistic OERs. 

It was noted that the OERs tabulated by the tunnelling contractor is significantly lower 
than the OERs tabulated based on back-analyzed density. Correction factor shall be derived 
for each and every set of n rings (suggest set of 10 or 20 rings) to minimize the discrepancy 
between the density obtained from the site investigation report and the back analyzed density. 
The correction factor would be applied to derive revised density and OER before comparison 
with the Volume approach OER. A correction factor of more than 1.0 indicates loss in exca- 
vated material while a correction factor of less than 1.0 will be indicative of bulking or possi- 
bility of excavated material remaining in the muck skips from previous batches of excavation 
(muck skips may not have been cleaned/ cleared before re-using). The weight approach meth- 
odology is defined in below Figure 2 flowchart: 


x X Measured Excavated Weight —Additives weight _ Site investigation density 
Measured Excavated Weight —Additives Weight Back Analyzed density» 


Correction Factor (x) = 


x X Measured Excavated Weight —Additives Weight 


Ravissd Denig Expected Excavated Weight 


_ _xX X Measured Excavated Weight —Additives Weight 


OER = aaa 
Expected Excavated Volume xSite Investigation Density 


Figure 2. Volume approach methodology flow chart. 


*Where: Additives volume refers to the amount of soil conditioners added during tunnelling as measured by the 
tunnel boring machine. 


3 RESULTS ANALYSIS AND DISCUSSION 


The preliminary analysis shall showcase the detailed results, graphs and charts based on 
a completed tunnelling project where tunnelling works were carried out in the Bukit Timah 
Formation. The selected tunnelling project shall be term as Project A in this paper. 
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From the evaluations conducted for Project A, the net excavated volumes are lower than 
the expected excavated volume, which should not be the case and is deemed unrealistic. Calcu- 
lations of excavated volume and weight from the data collected also revealed large variations 
along the tunnel alignment and typically “under-excavation”. As a result, the bulking factors 
are back analyzed to estimate over-excavation by volume. Additionally, the site investigation 
density will be compared to the density estimated by the tunnelling contractor. Thus, this 
study aims to develop a new framework objectively and realistically for muck reconciliation 
and estimate over-excavation ratios. 


3.1 Project A (Bukit Timah granite formation) 
Volume Approach (Back-analyzed Bulking Factor) 


Soil tends to swell/ bulk after excavation hence the back-analyzed bulking factors are back- 
analyzed from the ratio of the net measured volume to expected excavated volume, assuming 
that there is no over-excavation for a particular ring. 

Figure 3 shows the assumed constant bulking factor 1.2 adopted by the contractor in Pro- 
ject A. The back-analyzed bulking factors, indicated in the two plots, show that they are typic- 
ally lower than those utilized by the tunnelling contractor. 

The over-excavation ratios derived from three different sets of bulking factors are shown in 
the plots for Project A (Figure 4). Over-excavation ratios based on 10 rings average are 
derived from the ratio of the net measured volume to expected excavated volume. The 
expected excavated volume is multiplied by the assumed bulking factor of 1.2. The results 
show that majority are below the 100% excavation line and several data points are below the 
85% excavation line, which is unrealistic and could also indicate measurement errors. On the 
other hand, the average value of 1.1 determined from back analysis shows the over-excavation 
ratio closer to 100%. In actual tunnelling work, over-excavation should be expected. However, 
the aim is not to use a single or an average value throughout tunnelling work, and it is neces- 
sary to ensure that the over-excavation ratios are determined reasonably. 

The third set of over-excavation ratios is derived from the net measured volume and 
expected excavated volume ratio, which is averaged in set of 10 rings. The average value is 
then applied to the expected measured volume of the set of 10 rings. The over-excavation ratio 
averaged in set of 10 rings in Figure 4 show more promising results, though there are still 
many fluctuations and scattering of up to approximately 800 rings. The results stabilized for 
the latter half of the rings and yielded more realistic over-excavation ratios. 

Based on the results, it is implied that tunnelling contractors have applied a much conserva- 
tive/ high bulking factor of 1.2 which results in lower over-excavation ratio and seems to be 
pending towards “under-excavation”. 


Fluctuating and scattered More stabilised 
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Figure 3. Bulking factor scatter plot — Project A. 
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Figure 4. Project A over-excavation ratios box plots. 


Weight Approach (Correction Factor) 


With reference to Table 1, the density adopted by tunnelling contractor is significantly 
lower throughout the tunnel drive as compared to the average density determined factually 
from the nearest borehole at the tunnel depth. The reason to why the tunnelling contractor 
utilized a lower density to estimate OER could not be determined. Correction factors are 
therefore established to minimize the discrepancy and bring the density closer to the density in 
site investigation reports to derive realistic OERs. 


Table 1. Density utilized by tunnelling contractor and the density obtained from site investigation 
reports at tunnel depth. 


Density Used by Density from site investigation 
Section Ring No. Tunnelling Contractor reports at Tunnel Depth 
t/m? t/m? 
1 1 to 496 1.60 1.75 
2 800 to 1009 1.70 1.80 
3 1141 to 1440 1.65 1.80 


Correction Factor Plot — Project A 
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Figure 5. Correction factor scatter plot — Project A. 
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As the tunnel alignment does not pass-through homogeneous soil throughout hence the 
results are separated into sections based on the specific soil types to achieve more comprehen- 
sive/ accurate interpretations (shown in Figure 5 correction factor plot). The soil type also cor- 
responds to the difference in density which would result in fluctuations for the correction 
factors. For Sections 1, 3 and 6, the values have bigger variations and higher total average 
values as these sections of the tunnel are within GV and/ or GVI + Rock mixed formation 
while the remaining sections are in full soil face. 


Density Comparison - Project A 


1200 1400 


* Density -10 Rings Average CF RINGNO. = Density - Based on previous thesis 
« Density - Total Average CF * Density - SI reports 


Figure 6. Revised density scatter plot — Project A. 


Refer to Figure 6 for revised density comparison application of back-analyzed 10 rings, the 
average correction factor managed to achieve much precise/ accurate results (ranging between 
1.5 to 2.1 t/m?) through rectifying the discrepancy difference from previous thesis back- 
analyzed density (ranging between 1.3 to 1.8 t/m°). 


OER Comparison — Project A 
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Figure 7. Revised over-excavation ratio scatter ratio scatter plot — Project A. 
*Where: For all OER graphs and plots, dash lines represented 115%, 100% and 85% OER. 


Likewise referring to Figure 7. for revised OER comparison, revised OER results are 
derived from the application of revised density therefore portraying the same data analytical 
behavior. The discrepancy between back-analyzed 10 rings average correction factor (ranging 
between 88% to 109%) is more comprehensive/ realistic as compared to OER tabulated by 
tunnelling contractor (ranging between 79% to 103%) which seems to be pending towards 
“under-excavation”. 
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OER Comparison — Project A 


400 600 800 1000 1200 1400 
Ring No. 
+ OER - Weight & Density Approach (set of 10 rings average) 
= OER - Volume Approach (set of 10 rings average) 


Figure 8. Revised OER comparison scatter plot — Project A. 


With the application of the correction factor framework, the OER compared between both 
approaches are comparable (refer to Figure 8) and have been validated. 


4 CONCLUSION FROM TABULATED RESULTS 


The utilization of EPB shields has brought about tunnelling risks such as settlements, sink- 
holes, etc Evaluation of over-excavation through establishing both Weight and Volume 
approach is hence imperative in prevention of these tunnelling risks. 

Based on the preliminary results above in clause 3, the data tabulated shows that the fluctu- 
ation and scattering of results indicates discrepancy in measurements of over-excavation ratio. 
For Volume approach, a single value of bulking factor was utilized by contractor throughout 
the tunnelling work while for Weight approach back- analyzed density is significantly lower 
than what was applied by tunnelling contractor. 

Through application of bulking factor and correction factor for both approaches have min- 
imize discrepancies and resulted in improvement of OER results to be in more realistic and 
acceptable range of +15% (over 115% or below 85%) as compared to OERs tabulated by tun- 
nelling contractors which seems to be siding towards “under-excavation”. In which, most tun- 
nelling works have results reflecting lower OER (100% or lower) than what the actual/ 
realistic OER should have been. 


Table 2. Results summary for both volume (Bulking Factor) and weight (Correction Factor) approach. 


Total 
Average Total 
No. of Geological Correction Correction Bulking Bulking 
Project Rings Section Formation Factor Factor Factor Factor 
Percentile Percentile 
a (om 25% 75™ 
Project A 1-219 1 GII-GVI 1.2 1.2 1.4 11 1.0 1.1 
220-687 2 GVI 1.1 1.1 1.2 11 1.1 1.1 
688-738 3 GIII-GVI 1.3 1.2 1.4 11 1.1 1.2 
739-975 4 GVI 1.1 1.1 1.2 11 1.1 1.1 
976-1328 5 GVI 1,2 1.2 1.3 11 1.1 1.1 
1329-1440 6 GIII-GVI_ 1.2 1.1 1.3 Nodata No Data 
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Based on Table 2. below and preliminary results above, it is also taken into notice that the 
charts and plots showcase on different behavior pattern depending on the soil profile such as 
higher correction factors for tunnelling works within full rock face. 

In conclusion, each tunnelling construction project is carried out by different tunnelling 
contractors which applies different methods or application to tabulate OERs. It is recom- 
mended to conduct further study for all formation, soil type as well as characteristics of soil 
conditioners based on above two approaches and relate on how these would impact the result 
analysis. Derivation of suitable range for both bulking and correction factor could also be 
established for future tunnelling works for all tunnel projects. Different sets of value/ factor 
range could be considered for different formation. With this framework established, future 
tunnelling works could derive OER results/ values that are of the same consistency. 
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ABSTRACT: The multi-arch tunnel has been a vital component of mountainous expressway 
construction. In this work, a multi-arch tunnel with central drift excavation method in soft 
ground under shallow topography as well as shallow-unsymmetrical topography is simulated 
in conjunction with field application. Mechanical responses such as vault settlements and hori- 
zontal convergence deformations at the shoulder are analyzed for parallel sub-tunnels. Lastly, 
the crucial construction step as well as with the construction interference is revealed. The 
vault settlement is primarily triggered by the excavation of the upper bench area itself. The 
horizontal convergence deformation at the shoulder mainly increases during the excavation of 
the upper bench area itself as well as the middle bench area. Excavation of the central drift 
causes the initial disturbance. The subsequent sub-tunnel indeed adversely affects the stability 
of the antecedent one. The unsymmetrical topography aggravates negative mechanical 
responses and construction interference. 


1 INTRODUCTION 


The construction of expressways in China has entered a period of high development in recent 
decades. In general, the focus of expressway construction has shifted from the southeastern 
coastal zone to the western inland zone. Increasingly, expressway construction sites are being 
located in mountainous regions (Chen et al. 2020, Hong & Feng 2020). Due to the influence 
of the natural environment such as topography, geology, and hydrology, the choice of route 
for the mountain expressway is often strictly limited (Chen et al. 2019, Luo et al. 2021). 

Tunneling schemes have been increasingly adopted as an effective way of traversing moun- 
tainous regions and have played an important role (Li 2016, Do & Wu 2020). Taking the 
Yunnan region of China as an example, over 96% of the land area here is mountainous in 
nature, where the topography is steep and the geology is complex, resulting in the proportion 
of tunnel projects in the expressway of Yunnan region is relatively high which even more 
than 50%. 

During the construction of the tunnel project, the determination of the category of the tunnel 
structure category is usually taken as the prior work. Roughly, based on the net distance 
between the parallel sub-tunnels, tunnel projects are generally divided into the separated tunnel, 
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the neighborhood tunnel, the multi-arch tunnel. In the case of the separated tunnel, the net dis- 
tance between the parallel sub-tunnels is sufficiently large to satisfy the respective requirements 
of stability and safety. In the case of the neighborhood tunnel, the net distance becomes smaller 
causing some detrimental effects on the stability and safety of the structures between the parallel 
sub-tunnels. And for the multi-arch tunnel, the net distance is zero meaning there is no inter- 
mediate rock between the parallel sub-tunnels. But importantly, the tunnel form is determined 
by comprehensively considering the geological conditions, the connection components at both 
ends of the tunnel, the environmental impact, the project cost and other factors. In addition, the 
influence of the tunnel on the overall route should be further considered. 

Benefitting from the zero net distance between the parallel sub-tunnels, the multi-arch tunnel 
is with the advantage of allowing the setting of the tunnel portal and the layout of the overall 
route more freely (Wang & Xie 2008, Xue et al. 2021). This is conducive to shorten the overall 
route length, reduce the land occupation, and further achieve the goals of environmental protec- 
tion and project economy (Yang et al. 2019, Zhang et al. 2020). Hence, when meeting with the 
conditions in which the topography is narrow or the route arrangement is restricted, especially 
for the case in which one large bridge crossing the canyon is connected with the tunnel, the 
multi-arch tunnel is usually the prior and wise choice (Li et al. 2003). Otherwise, a greater eco- 
nomic bill will be paid. However, the net distance of the parallel sub-tunnels brings about some 
negative effects in which there are significant construction interference and complex structural 
stress, especially during the excavation of the subsequent sub-tunnel in which the antecedent 
sub-tunnel is suffered the extra construction-unsymmetrical load (Ding et al. 2007, Li & Wang 
2014, Zhang et al. 2020, Zhou et al. 2022). Therefore, it is of great importance to investigate the 
mechanical behaviors during multi-arch tunnel construction. 

In this paper, considering the current status of field application of the multi-arch tunnel in 
Yunnan mountainous region of China, a multi-arch tunnel with central drift excavation 
method in soft ground under shallow topography as well as shallow-unsymmetrical topog- 
raphy is simulated to study the mechanical responses during the construction. Representa- 
tively, for the parallel sub-tunnels, the excavation induced vault settlements and horizontal 
convergence deformations at the shoulder are analyzed. With the above deformation 
responses, the construction step occupies the dominant position is revealed. 


2 BRIEF REVIEW OF THE CENTRAL DRIFT EXCAVATION METHOD 


The multi-arched tunnel with central drift excavation method, as shown in Figure 1, consists of 
the central drift displayed with the blue contour and the sub-tunnels displayed with the black 
contour. The central drift is usually excavated first. The central separated wall, the filled section 
in the middle, is then constructed after the central drift is dug through. Afterwards, the sub- 
tunnels are excavated based on construction sequences. From the engineering experience, one 
sub-tunnel starts its excavation after the other is constructed completely. Hence, the firstly exca- 
vated sub-tunnel is usually named the antecedent tunnel, while the other one is called the subse- 
quent tunnel. In this case, the left sub-tunnel is determined as the antecedent tunnel. 

Combined with filed applications from the Yunnan mountainous region, the sub- 
tunnels are commonly excavated with the three benches-ring excavation reserving core 
soil method, as shown by the gray dashed line in Figure 1. Therefore, the construction 
of the multi-arch tunnel with central drift excavation method is achieved with twelve 
steps represented by S1 to S12 shown in Figure 1. In detail, S1 and S2 are the con- 
struction sequences for the central drift. S1 indicates the excavation of the central 
drift, and the operation of the temporary support (illustrated with the area between 
two bule line in Figure 1), S2 indicates the operation of the foundation reinforcement 
with the hollow grouting anchor (illustrated with the gray line at the bottom of the 
central drift), the operation of the central separated wall and the operation of tempor- 
ary inclined struts (illustrated with the green line). S3 to S7 are the construction 
sequences for the antecedent tunnel. S8 to S12 are the construction sequences for the 
subsequent tunnel. S3 and S8 indicate the excavation of the top bench other for the 
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central core area, and the operation of the primary support (illustrated with the area 
between the black line and the adjacent red line, named the primary lining, and the 
radial hollow grouting anchor), S4 and S9 indicate the excavation of the central core 
area, S5 and S10 indicate the excavation of the middle bench and the operation of the 
primary support, S6 and S11 indicate the excavation of the bottom bench and the 
operation of the primary support, S7 and S12 indicate the operation of the secondary 
lining (illustrated with the area between two red line) after removing the temporary 
support other for the top part operated for the central drift. Importantly, in the con- 
struction steps of S3 and S8, the primary supports of the sub-tunnels are overlapped 
with the temporary support of the central drift operated in step S1. 
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Figure 1. Sketch map of structure cross section and construction procedure of multi-arch tunnel with 
central drift excavation method. 


3 NUMERICAL ANALYSIS OF MECHANICAL RESPONSES DURING THE 
CONSTRUCTION 


3.1 Numerical model and parameters 


As illustrated in Figure 2, the numerical model size is determined as 170mx100m 1m after 
taking into account the multi-arch tunnel size and the boundary effect. For the unsymmetrical 
case, the slope ratio is 1/2.5. The buried depth is taking as 30m to represent the shallow-buried 
state. For boundary conditions, the right and left edges are both fixed horizontally, the 
bottom edge is fixed in either direction while the top edge is free. 

In the numerical simulation, the constitutive model of the surrounding rock as well as the 
reinforced surrounding rock with the hollow grouting anchor is the Mohr-Coulomb model. 
The primary lining, the second lining, the temporary support and the temporary wooden 
inclined struts are all with the elastic constitutive model. The necessary physical and mechan- 
ical parameters are presented in Table 1. Note here that the reinforcement of the surrounding 
rock due to the hollow grouting anchor is characterized by improving the corresponding phys- 
ical and mechanical parameters. And the mechanical parameters of the primary and second 
linings are determined in an analogous manner. Additionally, the numerical simulation works 
are performed under the plane strain condition. The surrounding rock as well as supporting 
structures are developed with the plane strain elements, while the temporary wooden inclined 
struts are with the truss elements. 


3.2 Tunnel excavation under shallow topography 


Excavation of the tunnel destroys the initial stress balance of the rock mass, resulting in the 
redistribution of stress and deformation of the surrounding rock. To reveal the mechanical 
responses during the construction, the excavation induced vault settlements and horizontal 
convergence deformations at the shoulder are studied. 
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Figure 2. Sketch map of numerical simulation model and layout of displacement monitoring points of 
multi-arch tunnel with central drift excavation method. 


Table 1. Physical and mechanical parameters of numerical model. 


Gravity/ Elastic modulus/ Poissonņ’s = Cohesion/ Internal friction 
Category (kN/m°) GPa ratio MPa angle/(°) 
Surrounding rock 18.00 1.00 0.42 0.08 20 
Reinforced 20.00 1.50 0.39 0.12 20 
surrounding rock 
Primary lining 23.49 30.59 0.20 
Second lining 23.35 31.07 0.20 
Temporary support 22.23 20.00 0.25 
Wooden inclined strut 8.00 5.00 0.35 


3.2.1 Vault settlements 

As displayed in Figure 2, the vault settlements during the construction of the sub-tunnels are 
disclosed by the vertical displacements of nodes V1 and V2. The displacement results are pre- 
sented in Figure 3. It can be found that, for the antecedent sub-tunnel, the vault settlement is 
about 0.98mm after the construction of the central drift, then increases to about 5.04mm after 
the construction of the antecedent sub-tunnel, ultimately reaches about 6.30mm after the con- 
struction of the subsequent sub-tunnel. In another perspective, the increased value for the vault 
settlement during the above three stages is 0.98mm, 4.06mm, 1.26mm, respectively, indicating 
a proportion distribution of 15.6%, 64.4% and 20.0%. And for the subsequent sub-tunnel, the 
vault settlement values related to three stages are 0.98mm, 1.82mm, and 6.93mm in sequence. 
This corresponds to an increased value of 0.98mm, 0.84mm, 5.11mm for each stage, indicating 
a proportion distribution of 14.2%, 12.1%, 73.7% 

Further, one can see that, for the sub-tunnels, there is an initial settlement deformation due to 
the excavation disturbance of the central drift. Then, the vault settlement deformation continously 
increases as the excavation of the sub-tunnels. But the major settlement of each sub-tunnel is trig- 
gered by the excavation of the top bench area itself. Differently, there is a relatively strong influ- 
ence of the antecedent sub-tunnel caused by the subsequent sub-tunnel. Finally, compared with 
the antecedent sub-tunnel, the subsequent sub-tunnel is with a larger vault settlement due to the 
accumulated excavation disturbance caused by the central drift and the antecedent sub-tunnel. 


3.2.2 Horizontal convergence deformations 

The horizontal convergence is another important index to analyze the excavation-induced 
deformation of the surrounding rock. To reveal the influence of the overall construction 
sequences, the horizontal convergence deformations at the shoulder are obtained, as shown in 
Figure 4. The horizontal convergence deformations are calculated by the relative horizontal 
deformations of the monitoring nodes, as illustrated in Figure 2. H1 and H2 are for the ante- 
cedent sub-tunnel, while H3 and H4 are for the subsequent sub-tunnel. 
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Figure 3. Settlements of monitoring points at vaults of sub-tunnels under shallow topography. 


For the antecedent sub-tunnel, the horizontal convergence deformation is about 
0.10mm after the construction of the central drift, then increases to about 1.64mm after 
the construction itself, and reaches about 1.70mm after the construction of the subse- 
quent sub-tunnel. Particularly, the measured horizontal convergence deformation of the 
antecedent sub-tunnel firstly continuously increases but then decreases during the con- 
struction of the subsequent sub-tunnel, which can be owing to the unloading effect and 
caused stress redistribution during the excavation of the subsequent sub-tunnel. Gener- 
ally, there is a proportion distribution of 5.9%, 90.6% and 3.5% for the horizontal con- 
vergence deformation of the antecedent sub-tunnel during the three construction stages. 
It can be concluded that the horizontal convergence deformation at the shoulder of the 
antecedent sub-tunnel is mainly caused by its own excavation. Additionally, the horizon- 
tal convergence deformation increases relatively significantly during the excavation of the 
top bench area and the middle bench area. 

For the subsequent tunnel, the measured horizontal convergence deformations related to 
the aforementioned three stages are 0.09mm, 0.22mm, and 1.67mm respectively. The corres- 
ponding increased value is 0.09mm, 0.13mm, 1.45mm in order, with a proportion distribution 
of 5.4%, 7.8%, 86.8%. One can conclude that the horizontal convergence deformation at the 
shoulder of the subsequent tunnel is also mainly induced by the excavation itself, especially by 
the top bench area and the middle bench area. 
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Figure 4. Horizontal convergence deformations of monitoring points at shoulder of sub-tunnels under 
shallow topography. 
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3.3 Tunnel excavation under shallow-unsymmetrical topography 


Combined with the multi-arch tunnel site practice, the influence of the unsymmetrical topog- 
raphy is further considered. As presented in Figure 2, the sub-tunnel on the side with the rela- 
tively shallow burial depth is determined as the antecedent sub-tunnel. The vault settlements 
and horizontal convergence deformations at the shoulder are also analyzed to reveal the con- 
struction mechanical responses of the multi-arch tunnel excavated with the central drift exca- 
vation method under shallow-unsymmetrical topography. 


3.3.1 Vault settlements 
For the multi-arch tunnel under shallow-unsymmetrical topography, the vault settlements of 
the sub-tunnels during the overall construction are shown in Figure 5. One can find that, for 
the antecedent sub-tunnel, the vault settlement increases to about 0.51mm, 4.14mm, 4.75mm 
after the construction of the central drift, the antecedent sub-tunnel, the subsequent sub- 
tunnel in order. The increased vault settlement in the above three stages is 0.51mm, 3.63mm, 
0.61mm respectively, occupying a proportion distribution of 10.7%, 76.4% and 12.9%. And 
for the subsequent sub-tunnel, the vault settlement reaches about 1.38mm, 2.41mm, 7.67mm 
individually after the construction of the above three phases. The associated increased value is 
1.38mm, 1.03mm, 5.26mm orderly, with a proportion distribution of 18.0%, 13.4%, 68.6%. 
Similarly, due to the excavation disturbance of the central drift, there is an initial settlement 
deformation for the sub-tunnels. Subsequently, the vault settlement deformations further 
increase during the construction of the sub-tunnels. The settlement of each sub-tunnel mainly 
increases in the excavation of the top bench area itself. But differently, due to the influence of 
the unsymmetrical topography, the final settlement of the antecedent sub-tunnel decreases 
about 24.6%, while the subsequent sub-tunnel increases about 10.7%. And the difference in 
settlements between the sub-tunnels further increases. In addition, the difference due to the 
unsymmetrical topography has already appeared in the stage of central drift excavation. 
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Figure 5. Settlements of monitoring points at vaults of sub-tunnels under shallow-unsymmetrical 
topography. 


3.3.2 Horizontal convergence deformations 
The horizontal convergence deformations at the shoulder of the sub-tunnels under shallow- 
unsymmetrical topography during the overall construction are shown in Figure 6. 

For the antecedent sub-tunnel, the horizontal convergence deformation is with a value of about 
0.11mm, 1.48mm, 1.78mm at the end of the construction of the central drift, the antecedent sub- 
tunnel and the subsequent sub-tunnel respectively. In the same way, there is a continuous 
increased trend of the horizontal convergence deformation during the excavation of the central 
drift and the antecedent sub-tunnel. But when it comes to the subsequent tunnel, the horizontal 
convergence deformation decreases to a certain extent. This is inseparable with the excavation- 
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induced unloading effect of the subsequent sub-tunnel as well as the caused stress redistribution. 
From the overall point, the measured horizontal convergence deformation at the shoulder during 
the three construction stages is with a proportion distribution of 6.2%, 77.0% and 16.8%. The hori- 
zontal convergence deformation of the antecedent sub-tunnel mostly appears during its own con- 
struction. And the controlling construction sequences are those related to the excavation of the 
top bench area and the middle bench area of the antecedent sub-tunnel. 

For the subsequent tunnel, the horizontal convergence deformations at the shoulder corres- 
ponding to the above three construction stages are 0.01mm, 0.52mm, and 1.37mm individu- 
ally. The increased value of each phase is 0.01mm, 0.51mm, and 0.86mm correspondingly, 
with a proportion distribution of 0.7%, 37.2%, 62.1%. It can also conclude that the deform- 
ation is mainly disturbed by the excavation of the subsequent tunnel itself, especially during 
the excavation of the top bench area and the middle bench area. 

Furthermore, due to the existence of the initial unsymmetrical topography, there are some 
differences Firstly, compared with the tunnel under shallow topography, the horizontal con- 
vergence deformation at shoulder of the antecedent sub-tunnel increases about 4.7%, whereas 
decreases about 18.0% for the subsequent tunnel, resulting in much further differences 
between the sub-tunnels. Secondly, during the construction of the central drift, the horizontal 
convergence deformation of the antecedent sub-tunnel is more evident compared with the sub- 
sequent one. Thirdly, the influence of one sub-tunnel on another is more apparent. Addition- 
ally, for the subsequent sub-tunnel, the relative deformation decreases in the excavation of the 
top bench area which opposes that of the previous case visually. This is the reason that the 
monitored horizontal deformations at the shoulder develop in the direction away from the 
slope throughout the excavation of the sub-tunnels. There is a condition in which node H3 is 
firstly with a larger horizontal deformation compared with node H4 before the excavation of 
the subsequent sub-tunnel, but as the excavation of the subsequent sub-tunnel, the horizontal 
deformation of node H4 grows more rapidly due to the integrated effects of the excavation 
unloading and the unsymmetrical topography. 


—o— HI-H2 


—o— H3-H4 
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Figure 6. Horizontal convergence deformations of monitoring points at shoulder of sub-tunnels under 
shallow-unsymmetrical topography. 


4 CONCLUSIONS 


The muti-arch tunnel has been widely built into the mountainous expressway. Combined with 
site practic, the multi-arch tunnel excavated with the central drift excavation method in soft 
ground under shallow topography or shallow-unsymmetrical topography is simulated. Repre- 
sentatively, to reveal some mechanical behaviors during the construction, the vault settlements 
of the sub-tunnels as well as the horizontal convergence deformations at the shoulder are ana- 
lyzed. A few conclusions can be drawn as follows: 
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(1) The vault settlement of the sub-tunnel continuously increases as the excavation of 
the central drift, the antecedent sub-tunnel and the subsequent sub-tunnel. But sig- 
nificant sub-tunnel settlement is triggered by excavation of the upper bench area 
itself. For the case in which the antecedent sub-tunnel is the outer one, the unsym- 
metrical topography aggravates the settlement deformation of the subsequent sub- 
tunnel. 

(2) The horizontal convergence deformation at the shoulder of the antecedent sub-tunnel 
increases during the excavations of the central drift and itself, while decreases to a certain 
extent during the excavation of the subsequent sub-tunnel due to the induced unloading 
effect and stress redistribution. The horizontal convergence deformations at the shoulder 
of the subsequent sub-tunnel continue to increase in general. The horizontal convergence 
deformation at the shoulder of the sub-tunnel mainly increases during the excavation of 
the top bench area itself as well as the middle bench area. The unsymmetrical topography 
further aggravates the construction interferences between the sub-tunnels. 

(3) For the multi-arch tunnel with the central-drift excavation method, the surrounding rock is 
disturbed frequently, resulting in obvious construction interference and complex structural 
stress transformation. Excavation of the central drift brings about the initial disturbance 
deformation of the surrounding rock. The subsequent sub-tunnel does have negative effects on 
the stability of the antecedent sub-tunnel, especially under the unsymmetrical topography 
conditions. 
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ABSTRACT: This paper covers the widening of tunnel boring machine (TBM) bored tunnel 
on the downline to accommodate the platform for Shitladevi metro station which was carried 
out by conventional excavation by adopting only mechanical means due to presence of dilapi- 
dated buildings above the TBM bored tunnel. 


1 INTRODUCTION 


Mumbai, a Megacity with a population of 12.4 million is the most populated city in India 
according to 2011 Indian census. With increasing population of developing cities such as 
Mumbai the existing transportation framework is not capable of handling the future needs. 
Therefore, to full fill the arising need of providing transportation to the commuters Mumbai 
Metro Line-3 (MML3) project was initiated which is an underground project of 33.5 km and 
currently is in construction phase. This paper aims to provide details of the challenges faced 
and strategies adopted during the widening of TBM bored tunnel and construction of cross 
passages in hard rock using conventional excavation methodology under the existing old, 
dilapidated buildings and densely populated areas. 


2 STATION WITH PLATFORM TUNNEL 


The Shitladevi station is situated at Mahim, which is one of the oldest, highly congested and 
densely populated area in Mumbai. The station area surroundings are densely populated 
mostly with many dilapidated structures owing to which the station box was planned below 
the existing road. However, due to inadequate width available both the platforms could not 
be accommodated in the station box and hence the conventional tunnel excavation method- 
ology was adopted in the widening of the downline TBM bored tunnel to accommodate the 
platform. The total length of Shitladevi station is 240m. The access for the downline platform 
tunnel was planned through 4 cross passages of 6m diameter and 4 cross passages of 3m diam- 
eter. Figure 1 depicts the Shitladevi station plan and cross section with platform tunnel. 
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Figure 1. Shitladevi station plan and cross section with platform tunnel. 


3 CONSTRUCTION SEQUENCE 


The construction sequence are as follows: 


1. TBM drive through the Station area (use of sacrificial segments, logging of the TBM 
tunnel face in respect to ground and groundwater conditions). 

2. Excavation of the station box down to proposed formation level. 

3. Stabilizing the portal structure of 6.0m wide cross passage for start-up situation. 

4. Excavation of the cross passages (top heading) from the station box towards the TBM tunnel. 

5. Dismantling of sacrificial TBM segments, enlargement of TBM tunnel to form top heading 
portion of downline tunnel. 

. Excavation of the cross passages (invert) from the station box towards the TBM tunnel. 

. Dismantling of sacrificial TBM segments, enlargement of TBM tunnel to form complete 
tunnel platform. 


aD 


4 PRE-CONSTRUCTION ACTIVITIES 


4.1 Geological investigations & analysis 


A thorough investigation of ground conditions were carried out by bore holes and other tests 
then the results were mapped. The outcome showed that the tunnelling sections of Shitladevi 
temple station stretch goes through the ground conditions varying from un-weathered to moder- 
ately weathered basalt rock mass conditions with rock strength ranging from 50mpa to 100mpa. 
Figure 2 shows the geological interpretation along the longitudinal section of Shitladevi station. 


4.2 Building Condition Surveys (BCS), building protection & strengthening plan 


After conducting the Pre-Construction Condition Survey of all the buildings of the entire stretch 
lying in the influence zone, Structural audits were also conducted by an authorized agency from 
Municipal Corporation of Greater Mumbai (MCGM). The Detail Design Consultants (DDC) 
analyzed and categorized the buildings according to the degree of estimated damage to the 
buildings. The permissible limit for ground settlement and angular distortion is 10 mm and 1 in 
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Figure 2. Geological interpretation along the longitudinal section of Shitladevi station. 


500 respectively. The effect of ground movements and distortions on the existing buildings were 
assessed in stages, depending upon the findings at each stage. Figure 3 aims to explain the plan 
of Existing Building Structures (EBS) along the station with their damage category. 


Figure 3. Plan showing EBS along the station with their damage category. 


Stage-1: This stage includes the settlement analysis and preparation of contours around the 
station box excavation. An assessment was carried out based on empirical methods for cut 
and cover excavation and finite element method (FEM) for conventional excavation and 
buildings with less than 10 mm predicted settlement were eliminated from further assessment. 
Remaining buildings with settlement greater than 10 mm were shortlisted for Stage 2. Thus, 
after Stage-1 only 19 out of 66 buildings were falling within the 10mm contour. 

Stage-2: In stage 2, the settlement calculated for “green-field” conditions were imposed on 
buildings, i.e., it was assumed that the buildings behave completely flexible and their own stiffness 
has no influence on the settlement behavior. In addition, the deformation due to horizontal 
ground movement was also taken into account. After Stage-2 assessment, it was found that only 
11 buildings were falling under moderate category and above due to construction. However, as 
a standard practice and reference to staged analysis described in Contract document, buildings 
falling in category 3 & above and also critical/ sensitive structures shall require to be taken for 
further analysis. As a result of combining the factors of construction impact and the existing build 
condition the number of buildings falling under category moderate to severe rose from 11 to 18. 

Stage-3: The Stage-3 analysis was carried out with refinement of Stage 2 assumption of 
ratio of shear to elastic modulus in the buildings. After the stage three analysis only 4 build- 
ings were falling in severe category which were within the 10 mm settlement contour. These, 
buildings were repaired as per the devised building protection plan by DDC which also 
included the instrumentation & monitoring plan. 

Thus, after studying the survey reports of all the buildings, it was concluded that most of 
the buildings did not require any structural repairs and were competent to bear the effects of 
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tunneling activities. But for some dilapidated buildings, special provisions were made to take 
care of the buildings and their residents and in all 11 buildings out of 66 were repaired. In 
Figure 4 shows sample of building protection works carried out for the buildings. 


Figure 4. Sample of building protection works carried out for the buildings. 


4.3 Instrumentation & monitoring of Existing Building Structures (EBS) 


For ensuring safety of buildings in influence zone, we carried out instrumentation and moni- 
toring of all the structures such as buildings, water pipelines, ground water etc. The data was 
gathered and analyzed before and after tunnelling & excavation. Instruments like standpipe 
piezometer, inclinometer, magnetic extensometers, rod extensometers, precise level markers, 
bi-reflex 3D optical targets, crack meters, tilt plates, building settlement points were used and 
were monitored at defined interval of time. The monitoring of ground vibrations was also 
taken out to comply with the following: 


* That level of vibration does not cause damage to property. 
e To prevent annoyance to people by maintaining the lowest possible levels. 
e To demonstrate compliance with conditions. 


These measurements were recorded for a period of Peak Hours and Non-Peak Hours. 
Figure 5 shows the various instruments used for monitoring of building movements. 


Figure 5. Instruments used for monitoring of building movements. 


4.4 Real time monitoring of EBS 


Apart of the above, real time monitoring system were also installed on the old, dilapidated buildings 
and the same were monitored at regular intervals during tunnelling, piling, conventional excava- 
tions, etc. Automated Motorized Total Station (AMTS) was used for real time monitoring of build- 
ings in severe category. Total 9 severe category buildings were monitored using 2 AMTS. Alerts 
were sent via Short Message Service (SMS) & Emails to the monitoring team for necessary actions. 
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4.5 Conventional excavation support design 


The tunnel support design was carried out by considering the geological conditions, in-situ stress 
conditions expected to be encountered along the tunnel alignment as determined by a review and 
assessment of geo-technical data available. Support recommendations were made based on experi- 
ence and checked with numerical modelling for the reliability. In these analyses, the 2D finite elem- 
ent models with the capability of simulating the sequential excavation process was adopted to 
simulate the tunnelling process in a manner to limit the actual deformation within the design param- 
eters. Special emphasis was given to ensure the stability of the rock pillar between the station box 
and the platform tunnel as station box excavation was also being carried out in close proximity. 


4.6 Utility shifting & support 


A detailed study of all charted and uncharted utilities within the construction was carried out 
and the same were shifted/supported and managed in accordance to the MCGM guidelines 
and respective utility (electricity, telecom, etc.) owners. 


4.7 Public grievance addressal system 


In addition to the above we also had a Public Information Office with a designated officer for 
timely redressal of the grievances of the local population. A senior and experience officer used 
to man this office and this helped in building trust with the local community. 


5 CHALLENGES 


5.1 Design 


In order to ensure the stability of the rock pillar between station box and platform tunnel we 
were constrained to carry out benching only after completion of the station wall. Thus, the 
pace of conventional excavation of the platform tunnel was governed by the Station activities 
and a precise co-ordination and meticulous planning was required to achieve the timelines. 


5.2 Laxmi building incident 


On 09th Nov 2019 at 11pm, sudden ingress of water was observed 7.85m below the ground level on 

the west side of the station box excavation where excavation was in progress. Due to this seepage 

the maximum settlement recorded was 45mm on one of the settlement points on Laxmi building (a 

moderate category, 62 years old building) and the existing cracks of the building started to widen. 
The following immediate measures were taken for this incident: 


jai 


. The building was immediately evacuated & all construction activities were stopped. 

2. Grouting from inside and outside the box was started to arrest the water seepage and 
thereby the settlement. 

3. Additional number of instruments were installed on the building and frequency of monitor- 
ing was increased. 

4. A structural audit was carried to assess the situation of the building. 


Once, the seepage was arrested & settlement was stabilized the following measures were taken: 


1. An expert structural consultant was deployed to prepare the building support plan immedi- 
ately and thereafter the retrofitting plan for the building. 

2. The building support as well as retrofitting plan was further proof checked by a reputed 
engineering college in Mumbai city. 

3. An expert retrofitting Contractor was deployed to execute the plan which was supervised 
by the Engineer & expert Consultant. 

4. The building was immediately supported by concrete raft & structural framing to avert any 
risk to the nearby existing building structures and thereafter it was retrofitted. Once, the 
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work was completed a fitness certificate was obtained from the authorities before handing 
it over back to the residents. Figure 6 shows the water seepage inside the station, raft and 
structural support work for Laxmi building. 


Figure 6. Water seepage inside the station, raft and structural support work for Laxmi building. 


Apart from the above incident, the ground movements induced by construction during 
excavation of the station were well within the design limits and no further building treatment 
was required. However, seepage of water from the joints of secant piles and water gushing out 
during drilling for installation of rock anchors did cause some ground movement. 

The following corrective were taken to arrest the seepage or mitigate the effects due to seepage. 


1. Curtain grouting behind the secant piles outside the station box. 
2. Building repair & retrofitting. 
3. Replacing rock anchors with strut from grid 5-15 on the downline tunneling side of the station. 


5.3 Traffic management 


Shitladevi station is located on L. J. Road, one of Mumbai’s major arterial roads and road clos- 
ure option was not available and entire operation was planned through openings in the tempor- 
ary deck provided for smooth movement of traffic. In our case, we had adopted a concrete deck 
200mm thick supported by transverse and longitudinal beams and 1m diameter. concrete piles. 
Figure 7 shows the arrangement for the traffic to manage the ongoing traffic. 


Figure 7. Traffic management at Shitladevi station. 


5.4 Environmental 


There was resistance from local public regarding vibration, noise, and air pollution. The work 
generating noise and vibration was restricted during night hours (10 PM to 6 AM). Noise and 
dust mitigation plan was made and implemented on site. 


e Mechanical devices were installed on piling rig for cleaning activities of auger. 
e Acoustic pads were wrapped around Jack hammer/ breaker to minimize the intensity of noise 
at source. 
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e Concreting decking was adopted instead of steel decking for noise control. 

e Silent Diesel Generator (DG) sets with acoustic panels were adopted for noise control. 

e Dust control measures like daily road washing, water sprinkling, regular sweeping and 
housekeeping, debris clearance on time etc. were adopted to minimize air pollution. 


5.5 Logistical challenges | muck disposal 


The excavation planned from the station box & platform tunnel was a huge quantity of approx. 
1.7 lac cum. Due to restricted space at the station area a lot of rehandling was required before 
disposing off the muck generated to the designated areas. The designated dumping areas were 
located where the disposed muck could not interfere with either environment or the river flow 
regime. Mumbai being a congested city, heavy vehicle movement were restricted during peak 
hours. Mumbai Traffic police had banned heavy vehicles movement during peak hours in the 
morning from 8 am to llam and in the evening from 5 pm to 9 pm. Many a times this affected 
our production cycles and very meticulous planning and co-ordination along with more than 
sufficient fleet of high-capacity trucks were deployed to achieve the production targets. 


6 CONSTRUCTION METHODOLOGY 


Considering the above challenges especially the one involving Laxmi building, the construc- 
tion methodology adopted for widening of the existing TBM bored tunnel was primarily 
based on safety of the residents and EBS without compromising the productivity. 


6.1 


Considering the above incident, blasting was entirely ruled out and excavation by only mech- 
anical means was adopted. We used 30-tonne class excavators for breaking the rock, 2 boom 
drill jumbos, robotic shotcrete spray machine and mechanical man baskets for rock support. 


Use of mechanical means for excavation 


6.2 Time-line 


The total time for platform tunnel activity right from excavation till all Reinforced Cement 
Concrete work completion was approx. 31 months which also includes COVID disruption of 
6 months. The entire activities were carried out through the two cross passages of 6m diameter 
which were below the temporary openings for ease of logistics. Figure 8 shows Comparisons 
showing progress of conventional excavation vis a vis blasting/other methods adopted at simi- 
lar stations in MML-3. 


Conventional excavation 
Shitladevi Santacruz 
Start | Finish | Duration | Finish 


Excavation by blasting 
Hutatma Chowk Marol Naka 
| Finish | Duration Finish | Duration 


Particulars 


| Duration | Start Start 


1_|Heading 


Nov-19| Jun-21 |18 Months 


Mar-22 | 28 Months 


Nov-19 | Dec-21 |26 Months| Feb-19 


Aug-20_|18 Months 


2 |Benching 


Nov-20| Nov-21| 12 Months 


Mar-22 [16 Months 


Jul-21 | Feb-22 | 8 Months | Nov-19 


Dec-20 |13 Months 


3 invert 


Jan-21 | Dec-21 |11 Months 


Nov-19 | Feb-22 |28Months| Feb-20 | 


Apr-21 |14 Months 


4 [Overt 


Mar-21| Mar-22 |12 Months 


May-22_|11 Months 


Oct-21 | 


Oct-22 _|12 Months| Aug-20 


Dec-21 [16 Months 


5 [Platform Slab 


Dec-21| May-22| 6 Months 


wie 


Yet to start 


Ta wip 


6 [OTE Duct 


Feb-21| Jun-22| 4 Months 


Nov-21 


| 

| 

| Apr-22 |14 Months 
| 

| 

| wip 


Sep-22 | wip 


May-21| Nov-22 |18 Months 


Total 


31 Months 


36 Months (WIP) 


37 Months (WIP) 


46 Months (WIP) 


Work in Progress (WIP) 


Figure 8. 


7 INSTRUMENTATION AND MONITORING OF TUNNEL 


Comparison of conventional excavation vis a vis blasting/other method. 


The platform tunnel sections were monitored by Standard & Main Monitoring Sections. 


¢ In the entry location of the platform tunnel & cross passages, the convergence measuring 
devices were installed as per drawing to measure the horizontal convergence and Crown 


subsidence for detecting any deformation in the tunnel lining. 
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e For evaluating the actual stability conditions during the excavation of the cross-passage 
tunnel(s), convergence bolts were installed at regular intervals along the excavated tunnel 
section. Measurements were taken on regular basis to detect any signs of instability before 
causing any negative impact on the surrounding environment. 


Convergence points distance were measured with extensometer, reflective targets, and measure- 
ment tapes. All the measurements were recorded instantly and evaluation for the actual tunnel 
stabilization carried out on the basis of the reports. The interpretation and analysis were done 
using Eupalinos software. Figures 9 and 10 shows platform tunnel data monitoring & evaluation. 


Figure 10. Settlement & Horizontal-Lateral displacement charts. 


8 CONCLUSION 


Widening of TBM bored tunnel to accommodate platform was a challenging activity and we had 
no prior experience of executing such job in an urban environment. The dilapidated and old build- 
ings in the vicinity with no available data about the foundation & structures above made it further 
difficult which was coupled by the proximity to the sea, congested working area and heavy traffic. 
Figure 11 shows Shitladevi widened platform before and after widening of TBM bored tunnel. 


Figure 11. Shitladevi platform tunnel before & after widening of TBM bored tunnel. 


2334 


However, our team kept the basics right in terms of pre-construction activities like soil 
investigations, building survey, design with finite element models to study the effect of the 
construction activities, building protection and a robust instrumentation & monitoring 
system. After the Laxmi building incident, we had no margin of error and we adopted the 
safest method for conventional excavation after many rounds of planning so that essence of 
time is not lost. As a result, during construction the settlements were well within the limits and 
no adverse effect on EBS was observed. Finally, the efforts gave the results and we were able 
to complete the platform tunnel well ahead of our peers in the same project. 
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Two decades of lessons learned 


N. Vlachopoulos 
GeoEngineering Centre Queen’s University — Royal Military College, Kingston, Canada 


ABSTRACT: Two decades ago, the author along with his research group and industrial 
sponsor began to develop a novel Rayleigh-based distributed optical strain sensing technology 
capable of monitoring strain along a temporary support scheme at sub-centimeter spatial reso- 
lution. This line of research has been extended to monitor Fully Grouted Rock Bolts (FGRB) 
and rock mass deformation with an increased resolution of sub-millimeter spacing (0.65 mm). 
This non-trivial optical technique has been tested in the laboratory and has since been imple- 
mented at multiple active tunnelling and mining sites around the world. Within this context, 
this paper summarizes selected lessons learned over the past two decades regarding the use of 
fiber optics for monitoring the ground conditions and support elements utilized in under- 
ground excavations while also highlighting the evolution of the research, development, imple- 
mentation and impact of this sensing technique with a view to optimizing and improving 
tunnel support design. 


1 INTRODUCTION - TUNNEL SUPPORT ELEMENTS AND FIBER OPTICS 


In the last decades, larger and longer tunnelling construction projects have been undertaken in 
order to meet the increasing demands of the world’s growing population and infrastructure 
requirements. Accordingly, the need of novel technologies increased in order to provide accur- 
ate monitoring (and prediction of ground conditions) of excavations and of the support util- 
ized throughout such works. In the context of ground-support interaction, a strong 
understanding of the behaviour and performance of the constituent support elements, as well 
as the entire support system, is critical to the design and development of underground support 
systems. Attempting to address this, several researches have been conducted on individual 
support elements in isolation (Benmokrane B, et al., 1995 and Hyett et al., 1996,); however, 
the effect of the rock support as an entire system has not been fully investigated. Additionally, 
the extent of monitoring has been limited by spatial constraints of conventional, discrete 
instrumentation techniques (i.e. punctual measurements captured along a given support elem- 
ent) resulting in a partial understanding of related mechanisms. 

In order to address such issues, a distributed optical sensor (DOS) technique has been devel- 
oped and continually updated by the author’s research team in conjunction with their indus- 
trial partner. Since the 2010’s, the author’s research group at Royal Military College of 
Canada proposed the implementation of a novel Rayleigh-based distributed optical strain 
sensing (DOS) technology, capable of monitoring strain along a temporary support scheme at 
sub-centimeter spatial resolution (i.e., spacing between measurement points) (Forbes et al., 
2014; Forbes et al., 2017a, Forbes et al. 2017b). This line of research has been extended to 
monitor fully grouted rock bolts (FGRB) as well as determine rock mass deformation with an 
increased resolution of sub-millimeter spacing (0.65 mm). This non-trivial optical technique 
has been well documented by the authors (Vlachopoulos et al., 2020, Vlachopoulos et al., 
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Figure 1. (Left) Diametrically opposed 2.5 mmx 2.5 mm machined grooves running lengthwise along 
a rebar specimen. (Right) Schematic representation of the optical sensor. 


2020b, Forbes et al., 2020a, Forbes et al., 2020b, Vlachopoulos et al., 2018). For the first set 
of investigations, a DOS technique based on optical frequency domain reflectometry was 
coupled with rebar (rock bolt) specimens in accordance with Forbes et al., 2017a. This 
included positioning a low-cost optical sensor along a pair of diametrically opposing 
machined grooves and bonding the sensor using a propriety adhesive. The sensor was looped 
at one end of the specimen such that both sides were monitored using a single optical sensor. 
Monitoring opposing sides of the specimen also allowed bending to be compensated for. An 
idealized diagram of the sensor outfitted with DOS is shown in Figure 1. 

Within this context, this paper summarizes selected lessons learned and highlights the 
insight acquired in the past 2 decades regarding the use of fiber optics for monitoring rock 
masses and support elements within underground excavations, while also focusing on the evo- 
lution of the research and development made by the author’s research group. 


2 UNPRECEDENTED SPATIAL RESOLUTION FOR TUNNEL SUPPORT 


In order to highlight the utility of distributed measurements, please refer to the Figure 2. 
Included here are two scenarios using discrete measurement points at various spacings along 
a rock bolt (shown above the graphs). The graphs depict strain on the y-axis and length or 
distance along an installed rock bolt on the x-axis. In the field, relevant professionals are only 
privy to this sort of output and they are required to make an assessment of the bolt perform- 
ance (and/or ground behaviour) based on such output from the sensors. The first profile on 
the left with a 40 cm spatial resolution (i.e. a sensor was placed at every 40 cms along the 
length of the bolt) could be the result from a wide variety of conditions and/or rock mass dis- 
placement. We see that at approximately 1.55 m distance that there is a localized strain at that 
location. We cannot really determine anything else from such output data. Utilizing the DOS 
technique, at a spatial resolution of 0.65 mm (i.e. meaning that a strain reading is taken every 
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Figure 2. The difference of output readings due to improved distributed sensing. 
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0.65 mm), however, the mechanisms at play, the shear planes and their locations become very 
apparent. One can clearly see the difference of varying spatial resolution and can re-emphasize 
the significant difference between these spatial resolutions. The output was expected as the 
test was conducted in the laboratory by means of a 2-way shear test. This is summarized in 
Forbes et al., 2017a. This gave the author confidence that the technology was appropriate to 
be utilized as a sensing technique. i.e. proof of concept. 


3 ATTACHING FIBER OPTIC TO TUNNEL SUPPORT ELEMENTS IS 
NON-TRIVIAL 


The rebar was not the only support element that has been outfitted with DOS and tested 
within the research group over the years. Other support elements include forepoles, spiles, 
D-bolts, CT-Bolts, single strand cables, as well as other ground support elements. Selected 
examples can be seen within Figure 3. There are many factors to consider when outfitting the 
support elements with the fiber optics. The mechanisms at play within solid elements are not 
the same as those that are flexible. As well, the shape and components of the bolts may pose 
a challenge for DOS implementation. Grouted support elements also have components of 
adhesion, mechanical interlock and friction that should also be considered. Selected results 
from such support element preparation and testing can be seen in Forbes and Vlachopoulos, 
2016 (more details can be seen here). 


fe Sess 


Spile Length for r 
installation Socket 


Figure 3. (a) Details associated with selected rock support systems outfitted with DOS, (b) hydraulic 
rock drill, (c) Details of self-drilling and grouting spile, (d) photo of self-drilling and grouting spile. 


In Figure 3(c) and (d), theses spiles were mechanically installed and also grouted in place 
during the install in-situ at an active tunnelling site in western Canada. Therefore, grout must 
still be allowed to flow in place past the head of the spile through the installation coupler that 
is attached to the support element and mechanically installed by a hydraulic rock drill 
(Figure 3(b)). As such, thresholds past the protective cap needed to be created in order to 
allow the grout to flow through the grout inlet channels. Much is occurring at the head of the 
spile during the install. The DOS outfitted support element must survive the installation pro- 
cess as well as be functional after the grouting process. In this way, all tunnel (or ground) sup- 
port elements have their support-specific considerations and manufacturing of these element 
is non-trivial in nature. 


2338 


4 CAN BE USED AS A QUALITY CONTROL MEASURE FOR TUNNEL SUPPORT 


The results from axial pullout tests of grouted rebars outfitted with DOS installed in concrete 
block samples are shown in Figure 4. In the figure to the left, one can see that the periodic dis- 
turbances match with the spacing of rebar ribs; These correspond to the anchoring effect of 
rebar ribs within the resin grout. This demonstrates the fidelity with which this technique can 
sense. In the figure to the right, it was evident using the optical technique that an anomaly 
existed within the grout or concrete block as unloading and reloading of the sample produce 
similar results (i.e. the instrumentation was functioning properly). During post-testing forensics, 
the grouted length was cut from the concrete specimen. Aligned with the optical instrumenta- 
tion, fracturing of the grout extending approximately 150 mm from the load to toe end was dis- 
covered (Figure 4 far right). A circular void in the grout was also identified at approximately 
150 mm from the load end of the grout. Comparing these post-test discoveries of the grout with 
the axial strain profiles verifies the accuracy and scale at which the optical instrumentation oper- 
ates and allows for the detection of such ‘defects’ in the installation of such specimens. Such 
observations using this technique were noted by Vlachopoulos and Forbes, 2015 and 2018. 
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Figure 4. Strain responses from axial pullout tests. (Left) determination of rib spacing, (Right) deter- 
mination of void within grout. 


5 NOT ALL FIBER OPTIC TECHNIQUES ARE THE SAME FOR TUNNEL SUPPORT 


The working principles of commercially available FBG, BOTDR/BOTDA, ROFDR, and 
DFBG units have been discussed in Vlachopoulos and Forbes, 2017 and Forbes et al., 2017a. 
These references provide a rationale for selecting the most applicable FOS technique to measure 
strain of ground support members. Table 1, reproduced here, provides a summary of operational 
features for each FOS technique. As mentioned in the publications, all FOS techniques use 
a single-mode optical fiber as the transducer and lead; however, the FBG and DFBG techniques 
require additional manufacturing complexities to permanently inscribe Bragg gratings into the 
optical fiber core. This brings forth two distinct issues: (i) the sensor price will be significantly 
more expensive than a standard optical fiber and (ii) the sensors must be individually addressed 
and designed per order (i.e., spacing of Bragg gratings). Yet the most substantial consideration is 
the choice between FBG and the DOS techniques. FBG provides a discrete sensing solution with 
a limited number of practical sensors per optical fiber. Therefore, FBG will be susceptible to the 
same spatial resolution concerns as electrical discrete-sensing techniques. For this reason, a DOS 
solution is preferred. An apparent compromise exists among spatial resolution, accuracy of 
strain measurements, and maximum sensing length. This compromise is also apparent when 
comparing the Brillouin-based and Rayleigh-based (i.e. DFBG, ROFDR) DOS techniques. 
Both sensing techniques can achieve relatively similar strain accuracies, but BOTDR/BOTDA 
can monitor significantly longer lengths, whereas ROFDR and DFBG can monitor finer spatial 
resolutions. A decision between Brillouin-based and Rayleigh-based DOS must be based upon 
the fundamental requirements of an ideal support member monitoring technique. 


2339 


Table 1. Influential summary: Operational features/capabilities and pricing for wavelength division 
multiplexing fiber Bragg gratings (FBG), quasi-distributed FBG (DFBG), Brillouin based distributed 
sensing (BOTDR/BOTDA), and Rayleigh based distributed sensing (ROFDR) techniques. 


BOTDR/ 

FBG (Micron Optics Inc., DFBG (Luna Innov- BOTDA ROFDR (Luna 

2012, FBGS, 2015, & ation Inc., 2017, (Omnisens, Innovation 
Technique Sensuron, 2017) Sensuron, 2017) 2014) Inc., 2017) 
Max. sensing > 1000 m <52m > 1000 m <40m 
length 
Measurement + 0.1-10 ue + lye +1 pe +5 pe 
repeatability* 
Spacing of meas- 0.10 m (practically) 6.35mm 0.10—1m 0.65 mm 
urement (i.e. spa- 
tial resolution) 
Max. number of 10 — 20 (practically) > 1000 > 1000 > 1000 
measurement 
points 
Sensing range + 17,500 ue + 30,000 ue + 30,000 ue + 30,000 ue 
Acquisition time < 1000 Hz < 250 Hz <1Hz < 60 Hz 
Unit price $15,000 — $125,000 > $70,000 $100,000 — $60,000 — 
(approximate $250,000 $150,000 
USD) 
Sensor price ~ $300 - $1000 per sensor ~ $300 - $0.10 per $0.10 per meter 
(approximate $5000 per sensor meter of fiber of fiber 
USD) 
Max. number of > 10 4 2 1 
connected 
sensors** 


*Repeatability will ultimately be related to the level of strain experienced by the optical sensor. At higher strain 
levels (> 10000 ue) repeatability will decrease. 
**Maximum number of connected sensors without the purchase of an additional switch unit. 


6 CAN OPTIMIZE THE LENGTHS OF TUNNEL AND GROUND SUPPORT 
ELEMENTS 


The strain profile distribution for selected axial loads along the embedded section (1015mm) of 
a fully grouted rock bolt can be seen in Figure 5 (left). The strain profile depicts the defined expo- 
nential decay behaviour. It can also be seen that the strain profiles did not mobilize over the entire 
length of the embedded rebar. At all levels of applied load, the strain profiles were observed to 
decay to a strain value of zero at a distance of 430 mm through the embedment length of the 
rebar. This means that roughly 43% of the embedded length of rebar was used to transfer load 
throughout the system. This 436.45 mm (‘4 43% x 1015 mm) length can, therefore, be regarded as 
the critical embedment length of the support system. The critical embedment length is the min- 
imum embedment length necessary to use up the entire tensile capacity of the rebar. For the case 
of FGR Bs, this is synonymous with the length of embedded rebar that is necessary to achieve the 
peak support capacity under ideal conditions. Knowing this length provides design engineers and 
practitioners a guideline to follow in the field with regard to ground support design schemes. 

This can help to minimize ground falls associated with failure of rock bolts as well as minim- 
ize costs (and optimize tunnel support schemes) of project overhead associated with overdesign. 
Additionally, it was determined that as the embedment length increases (for embedment lengths 
less than critical embedment length), the load-bearing capacity of the support system likewise 
increases. Conversely, as the embedment length increases, the stiffness values of the system and 
rebar decrease exponentially. Accordingly, care must be taken when installing these support 
elements in field, as it may not always be more beneficial to simply use a longer embedment 
length. Design engineers and practitioners should carefully study the predicted loading applied 
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Figure 5. ROFDR rebar strain profile results depicting the critical embedment length for a fully grouted 
rock bolt in the laboratory (Left) and in the field at an active mining site (Right). 


to the system as well as the amount of movement that is expected to occur based on the ground 
conditions so as to make appropriate design decisions. This includes careful considerations of 
the critical embedment length for FGR Bs, as determined in this investigation. Such results are 
more fully denoted in Vlachopoulos et al., 2018 and Forbes et al., 2020a. 


7 DOS OUTFITTED SUPPORT ELEMENT CAN DETERMINE GROUND 
BEHAVIOUR 


In an initial assessment of the results afforded by the rebar outfitted with fiber optic within 
diametrically opposed 2.5 mm x 2.5 mm machined grooves running lengthwise along a rebar 
specimen, there was a limitation associated with the directionality and magnitude of bending 
induced strain. In order to address this shortcoming, 3 groves were created at 120 degrees radi- 
ally of one another as seen in Figure 6 (top right). In this way, the overall performance and 
behaviour of the rock bolt can be assessed as well as decoupling the axial strain component 
from the bending strain component. The development of this improved DOS fitted rock bolt 
is summarized in Forbes et al., 2017b. As such, the “smart” rock bolt can be used as a 3D 
probe. Not only can the behaviour and directionality of the bolt be determined but an assess- 
ment of the behaviour of the ground past the periphery of the excavation can also be captured 
and evaluated. 

Selected results from a 4 m long DOS outfitted rock bolt installed in-situ at an active 
tunnelling site can be seen in Figure 7. Note that the DOS technique can capture/determine the 
co-axial strain along the rock bolt in terms of its extensional strain along its longitudinal axis. 
The technique can also determine the strain due to bending or the shear that the rock 
bolt is undergoing at the noted shear locations within the figure. The existing method to 
identify shear at the project site was with the use of borehole cameras (Figure 7 photo). 
While this method could identify ground movement, it could not accurately assess the 
remaining capacity of nearby bolts. Consequently, when shear was measured, it often 
necessitated re-support procedures within several support rounds. This is both expensive 
and time-intensive. This also provides a window into the rock bolt performance and the 
ground conditions adjacent to the periphery of the excavation walls. 
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Figure 6. 3D probe depicting decoupled strain and bending strain components as per Forbes et al. 
2017b. 
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Figure 7. (Left) 3D probe results in-situ depicting axial and bending strain. (Right) Borehole photo. 


8 CAN BE IMPLEMENTED AT ACTIVE TUNNELLING AND MINE SITES 


Much of the preliminary development of the sensing technique was conducted in the laboratory 
under ideal conditions. If this technology is to be used by industry and tunnelling practitioners, 
it must be robust enough during shipping, installation and the in-situ short term and long term 
conditions on site. As such, the technology has been tried, tested and employed at multiple 
active tunnelling and mining sites around the world. Selected sites and in-situ operational condi- 
tions can be seen in Figure 8. The use of these ‘smart” support elements can provide design 
engineers feedback in terms of support and ground behaviour in a true observational approach. 
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Figure 8. Selected locations where DOS support have been employed and photos of in-situ conditions. 
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This is highlighted using one such example seen in Figure 9. This series of data output of the 
spile profile characterizes the behaviour and performance of an instrumented spile during the 
excavation process in terms of the moment induced strain. One can explicitly see that the instru- 
mented spile ‘survived’ the mechanical installation process and grouting procedure. The data 
shows how the spile profile, loading and support conditions change due to the 1 m excavation 
steps. This allows for an effective assessment of the performance of the spile but also the ground 
and design thresholds that need to be respected throughout the excavation process. 
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Figure 9. The profile of an instrumented spile due to 1 m tunnel excavation steps due to the moment 
induced strain. 


9 CONCULSIONS 


As demonstrated throughout the paper and the references herein, there is a sufficient body of 
evidence through rigorous laboratory testing and in-situ trials that suggests that instrumented 
tunnelling support elements fitted with this DOS technique is a viable solution in order to add 
value to tunnel support design as well as help determine ground behaviour. The optical sens- 
ing technique has (but is not limited to): a) an unparalleled resolution and accuracy, b) can be 
realized as a novel monitoring tool with the capability to “see” and “sense” into the ground 
ahead of the excavation face, c) has literally thousands of strain measurements that are cap- 
tured across support elements, d) coaxial and transverse strain components can be distin- 
guished; in this way, true strain along the element can be derived regardless of installation 
orientation, e) complex support mechanisms of shear can be captured and f) The technique 
can be applied to a variety of tunnelling, mining and construction projects. Selected lessons 
learned were summarized in this paper providing the reader with a glimpse of the potential for 
such sensing solutions within the tunnelling field. Of course, many other lessons were learned 
on a site-specific (or laboratory testing) basis. 
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ABSTRACT: Tunneling through conventional excavation-based drill and blast method offers 
variety of challenges, especially when it comes to excavation in Himalayan region. Though every 
drill and blast tunneling project experiences few project specific issues, however, tunneling in moun- 
tains with higher overburden typically poses risks of rock squeezing, which may result in rock sup- 
port deformation. Suki Kinari Hydropower Project (SKHPP) is one of the largest hydropower 
projects constructed in the northern part of Pakistan. The project includes over 40 KM of tunneling 
component, being constructed in high altitude mountains with overburden upto 1125.3m. During 
construction of Head Race Tunnel (HRT), the tunnel went through rock squeezing conditions. This 
study intends to apprise the event of rock squeezing in HRT, its impacts on provided rock support 
systems and mitigation measures taken by construction team at project site. 


1 BACKGROUND 


The northern part of Pakistan is geographically situated in multiple complex mountainous ranges 
that include Karakorum, Hindukush, and the Himalayas. These ranges are formed of various 
rock formations, making the geology quite complex. The country’s river network also originates 
within these ranges in the upper northern areas. With much suitable geography, few hydropower 
run of the river projects have been built along these rivers and their respective tributaries whilst, 
many are being planned and under construction. The complex geology offers a variety of chal- 
lenges to the construction of underground facilities of these hydropower projects. The case of chal- 
lenges is similar for the road tunnel projects, both constructed and planned in the northern region. 


2 PROJECT PREMISE 


2.1 Introduction to the SKHPP Hydropower Project 


Suki Kinari Hydropower Project (SKHPP) is a run of river power generation project being 
constructed on the Kunhar river in the district of Mansehra of province KPK. The geograph- 
ical location of the project site is shown in Figure 1. It is a long tunnel diversion-type hydro- 
power project. The project’s main structures consist of a dam, spillway, water intake, 
Headrace tunnel, underground powerhouse and tailrace tunnels. An aerial picture of the dam 
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construction site is shown in Figure 2. The design capacity of the project is 870 MW. The 
underground facilities of the project include over 40 KM of different tunnels and 
a powerhouse along with a transformer hall. The project is owned by Water and Power Devel- 
opment Authority (WAPDA) and funded by SK hydro Ltd. MYM is the project consultant, 
which is a JV of Mott Macdonald Pakistan (MMP), Yellow River Consulting Co. Ltd. 
(YREC) and Mott Macdonald Ltd whereas, construction is being done by China Gazhouba 
Group of Companies (CGGC). The project is expected to be completed by mid-2023. 
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Figure 1. Geographical location of the project. 


2.2 Challenges in conventional excavation based tunneling 


The nature of difficulties in conventional excavation based tunneling can be ascribed to the 
adverse geology of the particular region. The Himalayan region due to its young mountain chain 
has the World’s most complex geology and poses very tough challenges to conventional excava- 
tion based tunneling (RK Khali and S Yalal, 2016). A Delay of four years in the Rohtang road 
tunnel project due to difficult geology was observed (Mehra P et al.2019). Himalayan geology is 
difficult and experiences ground squeezing due to high overburden, weak rocks, frequently occur- 
ring of shear zones and faults, etc (Goel R.K., 2014). A study by (KC, Diwakar et al, 2022) on 
underground structures of various hydropower projects located in the Himalayas (Nepal, Bhutan, 
India and Pakistan) indicates that overburden of 1000 m and above causes rock bursts whereas, 
tunnel squeezing has been occurring in a wide range of overburden. Providing flexible lining 
instead of rigid lining i.e. ineffective in high pressure rocks can result in reduced rock pressure 
which can structurally be managed (Anagnostou and Cantieni, 2007). Results of the heavy sup- 
port system in fault and flysch zones provided in Bolu Tunnel in Turkey reflected promising 
results as compared to the flexible support system (Dalgıç, Süleyman, 2002). 
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Figure 2. Dam site aerial view. 


2.3 Project geology detail 


The project area is sandwiched between the middle to high mountain series. The overall ter- 
rain trend is higher in the north and lowers in the south with a steep slope of more than 40 
degrees. Bedrocks of the site area contain the Panjal stratum of the Carboniferous to Permian 
system and the Samana Sukh stratum of the Jurassic system. The underground powerhouse is 
located between the regional Panjal Fault and Bunja Fault zone. Distance of underground 
powerhouse from both fault zones is 1.3 km and 0.4 km respectively. Figure 3 shows the 
under construction view of underground powerhouse. 


Figure 3. Underground powerhouse Cavern. 
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2.4 Regional fault zone 


The Panjal fault zone is the most prominent fault in this area. It belongs to the regional 
reverse thrust active fault. The Panjal fault is an active fault, which is divided into east and 
west wings of the powerhouse area (The project site seismic safety assessment report, 2015). 
The overall project is located in the west wing which is still active. 


2.4.1 Details of the Panjal fault zone 

This fault zone has an extending length of more than 10 km, an overall width of about 
1.2 km, a general strike NEE, a dip direction NNW, and a dip angle of 70 to 80 degrees. This 
fault zone consists mainly of three main faults (F18, F18-1 and F18-2) and the secondary fault 
f23-1. F18 fault is the main fault of the Panjal fault zone and is also the boundary of the 
Mahandri and the Panjal formations. Its strike is nearly vertical to the tailrace tunnel, located 
about 1.3 km north of the underground powerhouse. 


Figure 4. Geophysical prospecting EH4 audio electromagnetic sounding line WX3 in powerhouse area. 


2.4.2 F18-1 fault zone in the project site 

Fault F18-1 is located at about 630 m north of fault F18 in the headrace tunnel. The width of 
main crushed zone is about 100 m and the fault length in the site area is more than 900 m. The 
fault attitude: NES8° to 80°/NW < 70° to 80°. F-18-1 extends eastward to intersect with F18. 
Rock masses in the fault zone are crushed, with an attitude of NE70°/NW < 40°to 70°. Rocks of 
hanging wall of fault mainly are quartz-mica schist (QMS) and mica schist (Mi.Sch), with attitude 
of NE80°/NW50°to 60°. Rocks of footwall are quartz-mica schist (QMS) and carbonaceous 
schist (C.Sch), with an attitude of NE80°/NW60° to 70°. The faults are mixed with granite peg- 
matite (G.P) bands with widths of 2 to 3m. 


3 CASE HISTORY SPECIFIC DETAILS 


3.1 Area description 


During the excavation from Adit-5 to access the headrace tunnel, site team faced challenges 
due to an increase in the overburden with the increasing length of the tunnel. The dimensions 
(LxWxH) of the specific area under discussion are (54x6.9x7.9) m with an elevation of about 
2136 m. The tunnel length of the running distance started from chainage 11+572.80 to 11 
+628.80. The overburden in this specific area is about 1125.3m. 


2348 


As per the project geotechnical documents encountered rock was supposed to be Quartz 
Mica Schist (QMS); described as a competent rock with 33MPa USC and rock class at this 
overall area was supposed to be Q2a but the rock encountered proved to be Graphite schist 
and rock classification at the particular area was Q5. Corresponding features of rock class 
Q2a & Q5 are tabulated in table-1 (The project geotechnical investigation report, 2015). 


Table 1. Rock class Q2a and Q5 with corresponding features. 


Rock Rock UCS Primary Support Structure 

Class Type (MPa) Shotcrete Rock bolts 

Q2a Quartz 30-40 Shotcrete thickness 80mm with Systematic rock bolts of length 3.0m, 
Mica wire mesh of 100x100mm Diameter 25mm with spacing of 1.0x1.0m 
Schist staggered 

Q5 Graphite 10-15 Shotcrete thickness 210mm Systematic rock bolts of Length 3.0m, 
Schist with lattice girders of spacing Diameter 25mm and spacing1.5x1.5m 

Im staggered 


3.2 Problem identification 


According to the geotechnical investigation, the whole lithology of the area was QMS. As the 
depth increased and the site team moved ahead in the headrace tunnel from adit-5 towards 
downstream with rock class Q2a, the rock type gradually started to change into graphite 
schist which is a soft rock. The rock class from Q2a gradually started to change and applied 
support was later changed to Q5. Encountered Graphite Schist was dark grey to silvery grey 
in color, fine-grained, slightly weathered, widely spaced joints, weak to moderately strong. 

The site team adopted conventional excavation drill and blast technique for primary sup- 
port structure decision-making to adopt changing rock class. Q2a to Q5 primary support 
system also got changed, same is elaborated in Figures 5 and 6. During the excavation at the 
specific area, rock squeezing was observed after every blast round with water ingressions at 
different points. Typical layout of controlled blasting pattern is shown in Figure 7. 


TYPICAL CROSS SECTION 
ROCK CLASS Q2~Q2a (12.5>Q>1) 


Figure 5. Designed support for Q2a. 


2349 


ROCK CLASS Q4 (0.07>Q>0.02) SCALEA 
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Figure 6. Designed support for Q5. 


The Design for Drilling and Blasting of Headrace Tunnel(Q4) 


Figure 7. Typical controlled blast pattern. 


3.3 Failure of the primary support structure 


During excavation, weak rock was encountered and according to the rock class decided by the 
project team on site, the designed support was improvised as mentioned above in Figure 5. 
While The primary support structure was installed according to the ground conditions and it 
went very well initially. The large deformation and failure of the primary support structure 
occurred in the early stage. Later, shotcrete also started to crack after a certain time. 

There could be many reasons for the failure of the primary support structure. Field investi- 
gation and onsite analysis declared squeezing rock under high stress conditions as the primary 
reason for this failure. Rock under high stress conditions is shown in Figure 8. There can also 
be various factors associated with squeezing rock failure, such as high in situ stress, soft/weak 
rock, uncontrolled groundwater seepages, delay in closure of primary support structure, weak 
primary support structure, etc. 
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In such case of tunnel construction, encountered rock was Graphite Schist which is a weak 
rock. Graphite Schist behaved negatively with water ingressions at various spots. It resulted in 
the rock-squeezing phenomenon after various construction rounds. A tunnel face picture of 
Graphite Schist with squeezing conditions is illustrated in Figure 8. Such an adverse construc- 
tion environment created insecurity of life for working teams. It also affected the project time 
and cost thus challenging the triple constraints of the project management triangle resulting 
into time and cost overrun for client and contractor both. 


Figure 8. Highly stressed rock. 


Figure 9. Rock squeezing conditions in Graphite Schist. 
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3.4 Problem assessment and site as-built conditions 


It was evident from that incident for tunnel construction in the deep excavation under high 
stresses that controlling deformation resistance should be based on stress releasing and support 
resistance. The support type and method need to be adjusted dynamically before the excavation 
according to the geological forecast of the tunnel by using different means like Tunnel Seismic 
Prediction (TSP), Ground Penetrating Radar (GPR), Horizontal pre-boreholes etc. Besides all 
this, some countermeasures were proposed during tunnel construction which were including the 
strengthening of pre-support, improvement of support stiffness, grouting reinforcement, install- 
ing additional primary support elements, closing of the tunnel ring early, and timely installation 
of the secondary lining. Finally, from the feedback of the headrace tunnel monitoring results, 
the headrace tunnel was successfully completed. Hence all the safety measures guarantee safe 
construction in weak rock mass under high in situ stresses. 


4 LESSON LEARNED 


Himalayan features encompass the regions of Nepal, Bhutan, India and Pakistan, which 
depict the complex geological conditions associated with high in situ stresses. Many projects 
have been accomplished in these mountain regions involving tunneling. Most of the projects 
in these difficult geological conditions have exhibited adverse effects on underground condi- 
tions including squeezing rock conditions. Many a time, these complexities are not identified 
during pre-project geotechnical site investigation rather they occur during construction time. 
Consideration for heavy primary support to cater against high in situ stress conditions should 
be specified by the consultant and be the part of design approach/package (even if such condi- 
tions are not inferred during geotechnical site investigations. Moreover, site investigation 
equipment may also be specified in the contract agreement as part of necessary site equipment. 
Greater flexibility to the site construction team from the consultant can offer good freedom in 
the hands of the contractor to adapt to rapid changes with varying ground conditions. This 
flexibility will save time and cost both for the client and the contractor. 
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ABSTRACT: During construction of the cased tunnel groundwater gushed out with 
a maximum discharge exceeding 27 ton/min, endangering the stability of the excavated face and 
seriously hindered the construction progress of the tunnel. The groundwater inflow with 
a discharge of exceeding 20 ton/min lasted more than 30 days. Emergency drainage and reinforce- 
ment measures were immediately applied to avoid groundwater inrush-induced catastrophic col- 
lapse from the excavating face. Supplementary geological exploration was carried out before long 
to investigate possible causes. After the geological conceptual model has been figured out and 
possible influencing factors that account for the water inrush event has been understood, ground- 
water drainage and grouting improvement measures were used to overcome the groundwater 
inrush event. This manuscript introduces the background of the tunnel project and the process of 
water inrush, summarizes the results of supplementary geological exploration, and finally puts 
forward suggestions on the construction of tunnels in the argillite-like formation. 


1 INTRODUCTION 


The construction of C2 tender connects Pingtung County and Taitung County involving the stud- 
ied Anshuo-Caopu tunnel (referred to as the case tunnel). The twin-tube double-lane tunnel has 
a total length of more than 4.6 km. It plays as the critical construction path for the follow-up 
project for widening and improvement of the No. 9 South-Link Highway, Taiwan, which starts 
from Anshuo Village, Taitung County in the east, and ends at Caopu Village, Pingtung County 
in the west. During tunneling, the 688" rounding (NS-T688) of the southward tunnel that is exca- 
vated from north portal encountered a sudden and abnormal water influx of more than 27 ton/ 
min, which endangered the stability of the excavation surface and seriously hindered the progress 
of the construction. This manuscript introduces the background of the tunnel project, the process 
of water inrush and emergence measures, summarizes the results of supplementary geological 
exploration, and finally puts forward suggestions on the construction of tunnels in the argillite- 
like formation. 


DOI: 10.1201/9781003348030-283 
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2 PROJECT BACKGROUND 


2.1 Regional geology 


The route of case tunnel starts from Anshuo Village, Taitung and goes west along the valley 
of Anshuo River. The attitude at Anshou Village is 30 m approximately, increases to about 
500 m near Shouka where the route crosses the boundary of Taitung and Pintung counites, 
then decreases along the Fenggang River till Caopu Village, Pingtung with an elevation about 
290 m above sea level. Figure la shows the location and regional geological map of the case 
tunnel. The strata in the area passed by this project are mainly Chaozhou formation, river 
terrace deposits and alluvial strata (Lin et al., 1993). The lithology of the Chaozhou formation 
is monotonous, mainly black thick hard argillite, occasionally interbedded with thin meta- 
sandstone, and isolated thick metasandstone agglomerates in local areas. The river terrace 
deposits are mainly distributed on the terraces on both sides of the stream, and the constituent 
materials are mainly gravel and sand. Modern alluvial strata are found in the Anshuo River 
and its tributaries. 

Figure 1b shows the geological profile of the tunnel. There are no active faults passing 
through the tunnel route. Multiple small folds in the north-south and NWW directions 
appears on the south side of the tunnel; however, only the Caopu syncline extends northward 
through the vicinity of the south entrance of the tunnel. Nevertheless, tightly dragged fold 
structures are common along the tunnel, resulting in relatively fragmented strata, and shear 
zones developed along cleavages are also quite common. 


TO ae GPP A 


(b) 


Figure 1. Location and regional geological map (a) and geological profile (b) of case tunnel (after Zhan 
et al., 2018). 


2.2 Tunnel design 


The Chaozhou formation, through which the case tunnel passes, is a metamorphic rock at the 
southern end of the Central Ridge Mountains in Taiwan. The tunneling experience of the 
Southlink Railway project in the 1980s provides a valuable reference for the design of case 
tunnel. Among which, the Anshuo tunnel is 5,483 km long and roughly parallel to the case 
tunnel, with a width of about 9.1 m. During construction it encountered difficulties such as 
collapse, falling, large squeezing deformation and water inrush. The case project carried out 
a lot of geological exploration work during the design phase, including surface geological sur- 
veys, drilling and sampling and testing, excavation surveys, laboratory tests, and geophysical 
explorations. Geophysical exploration results show that there are 5 sections with low resistiv- 
ity along the tunnel, of which the largest is near the shaft. Drilling exploration results show 
that the stratum within depth < 50 m near the shaft is relatively weathered or broken argillite; 
and when depth > 50 m, it transforms into a sandstone/argillite section with well-developed 
cleavage or fissures and a high groundwater level. The horizontal drilling carried out at the 
north portal section of the tunnel encountered a water gushing (~1.2 m*/min) at 412 m, indi- 
cating the risk of water inrush during tunneling 
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The tunnel design considered the characteristics of the ground materials, geological struc- 
ture and groundwater along the tunnel to classify the rock mass, and use it as the basis for the 
design and analysis of the initial support of the tunnel excavation. The conventional excava- 
tion is adopted for the design and construction. Numerical analysis is used to check tunnel 
surrounding deformation and support stress, and monitoring operation was carried out 
during the construction to improve the construction safety. Reinforced concrete is used for 
entire tunnel. 

In addition, considering that the folds along the tunnel are dense, the fold axis is likely to 
form a broken zone (anticlinal axis) or accumulate groundwater (syncline axis), and different 
degrees of collapse or water gushing may occur after excavation. Tunnel seismic prospecting 
(TSP), ground improvement (chemical grouting, cement-based grouting or both), pipe roof 
methods are provided in the detail design drawings. Furthermore, advance drilling with 
a typical length of 30 m for investigation and drainage are designed to mitigate the risk of 
water inrush. 


3 WATER INRUSH AND EMERGENCE MEASURES 


The construction of the case tunnel started on July 10, 2013, and is divided into three con- 
struction areas: the south portal, the north portal and the shaft to shorten the construction 
period. The response of surrounding rocks after tunnel excavation is generally in line with the 
expectations in the design stage. Although water inrush, collapse, and squeezing deformation 
of the surrounding rock were reported, the construction progress (the northward and south- 
ward tunnels are 98.8 m and 101.2 m per month, respectively) is as expected. This manuscript 
discusses the water inrush incident at the NS-T688 rounding of the southward tunnel exca- 
vated from its northern portal. 


3.1 Water inrush process 


In February 2016, the excavated faces of NS working area was dry to wet, and gray to gray- 
black metasandstone intercalated with argillite was exposed, with well-developed foliation and 
quartz veins distributed in the rock formation. NS-T626 round (Sta. 7 k+135) was excavated 
on March 2, the lithology exposed on excavated face did not change significantly, but it 
became wet, dripping water to running water, and the right-side wall exposed gray-black 
metasandstone with sand and mud. The quartz veins are dense, the rock mass is broken, and 
the self-standing condition is not good. Type VI support was used. Up to NS-T660 (Sta. 7 k 
+168), gray argillite and gray-black metasandstone, intercalated with sand and mud, was 
exposed to the right and below the excavated face. Type V support was used with a rounding 
distance of 1.2 m. NS-T685 (Sta. 7k+197) was excavated on June 6, 2016, the excavated face 
was dry, the lithology is mainly argillite, deformed sandstone is exposed locally, the rock mass 
is obviously cut by joints to form wedge, chipped with local fractured rock and mud. The 
excavated face is poor self-sustained, with rock wedges falling occasionally. Local metasand- 
stone exposed during NS-T683 to NS-T685, but not NS-T687. Accordingly, advancing explor- 
ation using non-coring drilling was prepared. 

On June 8, 2016, the NS-T688 round was excavated, and a 30 m non-coring drilling ware 
carried out on right side of the excavated face. The drilling rate indicated that tunneling 
would encounter fractured or broken rock mass subsequently. The water discharge from the 
drilling hole was limited initially, then increased significantly. Around 4:00 p.m. that day, 
water inflow from the lower right side of the face began to turn turbid, entrained fine mater- 
ials and debris to flow out. Around 5 o’clock, the water inflow increased greatly (Figure 2a). 
The construction site immediately carried out emergency measure to strengthen the excavated 
face using shotcrete, and excavated ditches on both sides of tunnel for drainage. The max- 
imum water inrush observed that night was about 27 ton/min. Figure 2b shows the water 
inrush on the excavated face around 7:00 a.m. on the next day (June 9, 2016). At the same 
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time, cracks were found on the shotcrete of excavated face and at the foot area of right-side 
wall of NS-T680~683 rounds (Figure 2c). Additional shotcrete was prepared to strengthen the 
vicinity near excavated face. However, around 9:30 June 9, before the shotcrete was about to 
work, a cave-in occurred near the water outlet point (Figure 2d). It is decided to evacuate the 
personnel and equipment immediately. The inflow of water continued to increase, flooding in 
the tunnel, making it difficult for vehicles to pass, causing the overflow of the grit chamber at 
the northern portal working area outside the tunnel. The slope under the parking platform 
collapsed and damaged the steel piles foundation of the platform (Figures 2e and 2f), the situ- 
ation was critical. After the emergency situation eased on June 30, the condition of the cave-in 
was investigated, the cavity was 9.9 to 11.9 m high, 12.2 x 11.9 m long. 


3.2 Emergence measures 


A survey was carried out in the next day after the collapse of excavated face. It was decided, 
to avoid worsening of the disaster, to strengthen the tunnel support near the excavated face, 
and then conduct drainage and closely monitoring tasks to gain time for study follow-up 
measures. 

In the strengthening support part, additional sectional steel support was set up with mesh 
shotcrete in the 676~683 rounds due to shotcrete cracks observed. Additional shotcrete with 
a volume of 16 m? was applied to excavated face for reinforcement. Flexible intermediate bulk 
containers (FIBC) filled with collapsed debris were also piled up on the face (Figure 3a). 
A gap was provided for the piled FIBC to guide water flow to avoid increasing seepage pres- 
sure and further collapses. 

For the drainage works, a reinforced concrete pipe with a diameter of 1.0 m (Figure 3b) was 
set up on the side of the tunnel, with a total length of 896 m to reduce the possible erosion and 
scouring on tunnel surrounding argillite. In addition, a temporary drainage was constructed 
immediately outside the northern portal area to drain water to a local creek beside the portal 
of southward tunnel, to avoid scouring on construction access road and nearby slope near 
tunnel portal. 

Regarding the monitoring task, the water inflow was closely observed near the excavated 
face, and a water weir was set up to improve the observation accuracy. The monitoring fre- 
quency of surrounding rock displacement was increased. Figure 3c shows temporal changes in 
observed water inflow. Based on the observed water inflow changes, the stability of excavated 
face and measured displacement of surrounding rock near the face, five 50 m long drainage 
pipes at different directions were set up, with pressure gauges at different positions for both 
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Figure 2. Image captured during water inrush process. 
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monitoring and investigation purposes, to understand the possible direction at which ground- 
water comes (Figure 4). Among these pipes, No. 2 and 4 have more water, with measured 
water pressure of 100 and 200 kPa and discharge of 2.3 and 2.7 ton/min, respectively 
(Figure 4b). The overall water inflow reduced from 27.0 to 22.3 ton/min in 30 days. The water 
inflow from the excavated face is cut 1/3 down approximately. The emergent measures, includ- 
ing drainage and reinforcement, reduced water pressure and mitigated possible enlargement of 
collapse near tunnel excavated face. 
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Figure 3. Image captured during emergence measures carried out (a, b) and change of inflow discharge (c). 


Figure 4. Drainage pipe drilled for drainage and investigation. (a) plan view, (b) and (c) profile of 
southward and northward tunnel, respectively. 


4 SUPPLEMENTARY GEOLOGICAL EXPLORATION AND FOLLOW-UP 
MEASURES 


Supplementary geological exploration includes: additional non-coring drilling exploration 
inside the tunnel, water inflow observation/measurement and additional TSP in front of the 
excavated face, as well as the remote sensing image interpretation, surface geological survey, 
ground resistance image profile (RIP) exploration and surface boreholes drilling investigation. 


4.1 Results obtained inside the tunnel 


There are 24 non-coring boreholes with lengths of 30-50 m drilled in the tunnel (Figure 4). 
Considering that the water inflow point is below the right side of the excavated face of the 
NS-T688 round, the drilling is typically directed to the right and downward. Measures results 
indicated that no obvious water output from the upward drilled holes, while the horizontal 
and downward holes have an obvious water outflow, generally at positions 20~30 m from drill 
orifice. The water pressure of 2 kgf/cm? was observed in the early stage of drilling on the 
southward tunnel, but it dropped very quickly, indicating that the water head was not high. 
Furthermore, the water discharges of the first few drilled holes were relatively high at the ini- 
tial stage, and significantly reduced as the number of boreholes increased. Only a small 
amount of water was observed from the boreholes on the left side of the northward tunnel, 
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while other boreholes with water outflows. The maximum water inflow of the southward 
tunnel was 27.7 ton/min at the initial stage and greater than 20 ton/min for about a month 
(Figure 3c). During this period, the excavation of northward tunnel continued, with limited 
water inflow measured. Around the end of July 2016, water flow began to appear on the lower 
right side of the excavated face of the northward tunnel, and the water volume gradually 
increased to about 5 ton/min, while the water inflow of the southward tunnel dropped to 10 
ton/min or even lower. Since then, the water inflow of the two tunnels remained between 5 
and 10 ton/min, and the total water discharge from the boreholes and the observed volume of 
water weir (from excavated face) have roughly the same change trend (Figure 3c). 

TSP was carried out on NS-T688 (Sta. 7 k+200.5) and NS-T749 (Sta. 7 k+260.8) respect- 
ively on the southward tunnel. The sections between Sta. 7 k + 201~ +213, Sta. 7 k+282~+289 
and Sta. 7 k+307~+322 m have high probability of water inflow after excavation. 


4.2 Results obtained from surface 


The location above where the water inrush in the studied tunnel is close to the watershed 
between Anshuo River in Taitung County and Fenggang River in Pingtung County. A total 
of 306 topographic lineaments were interpreted for the adjacent terrain from remote sensing 
images, mainly in the northeast-southwest trend. 

Figure 5 shows the results of the supplementary surface geological survey. The topographic 
orientation mostly trend in northwest-southeast, with gentle dip angle and slight changes in 
the local area. The stream has infiltrated and disappeared in some sections, as shown in posi- 
tions a and b in Figure 5. Point b is the confluence of the northwest linear gully and the main 
stream, and point a is about 300 m downstream of the confluence. 

Two RIP survey lines - L1 and L2 were adopted, with both lengths of 700 m, to obtain the 
ground resistance image profiles. There is a high-angle zone indicated by an electrical discon- 
tinuity zone (low resistivity shown by dark blue) near Sta. 7 k+200~+400. The underground 
rock formation with well-developed fractures and surface wild creek tend to be connected, 
and when the rain or surface water is abundant, it is easy to seep dawn along this passage. 

Two holes were drilled for the surface drilling investigation, the positions are shown in 
Figure 6. The drilling at specific depths ran into rock masses that are more fractured than 
those observed on the surface, resulting in difficult sampling and very low drilling progress. 
Drilling was stopped after the water inflow had slowed down. The drilled depths for 105-BH 
-2 and 105-BH-3 were 58.55 and 130.75 m, respectively. The sampled rock cores were broken, 
with quite obvious rust staining on discontinuous surfaces. 


4.3 Subsequent measures for water inrush 


The supplementary geological exploration process gradually indicated that the groundwater 
inrush at NS-T688 was affected by two major shear zones, providing valuable information for 
the follow-up treatment of groundwater. Six additional drainage holes were added in late Jun 
to Jul after the original drilling of 5 drainage holes has been completed, and the ground 
improvement using grouting for the loosened area near NS-T688 round was started (late 
Aug), before the resume of excavation, under the condition that the drilling is completed and 
the water discharge is reduced to below 2 ton/min. The grouting was divided into three parts: 
the first part is the bulge area in the central part at the NT-T688 rounding excavated face after 
the water inrush; the second the cavity and its surrounding loosened zone near the excavated 
face caused by the cave-in at the beginning of water inrush; and the third part is tunneling 
scope to be excavated after the NS-T688 round. 

Pipe roof method with cement and sodium silicate grouting was used before resume of exca- 
vation in the third part grouting, which not only provides a stable surrounding ground for re- 
excavation, but also reduces the permeability coefficient of the fractured rock mass and sup- 
presses the water pressure on lining formed by long-term seepage of groundwater. The grout- 
ing range is one-sidedly emphasized to the upper right side of the tunnel. First, cement and 
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sodium silicate are injected after completion of drilling. One drilled hole is selected for perme- 
ability test to check whether the expected effect of grouting is achieved. Then, the pipes were 
drilled and filled with polyurethane resin. There were 30 holes drilled with 12 m in length. The 
odd and even holes were divided into high (35-40°) and low (20°) elevation angles and were 
drilled in two phases. The designed grouting radius of the steel pipe is 1.0 m, the porosity of 
surrounding ground was estimated to be 10%, the expansion rate of the grout is 5 times, and 
the stop grouting pressure is set to 50 kg/cm’, which can be adjusted according to the field 
operation conditions. After the first phase of drilling and grouting is completed, the second 
phase of operation is carried out. 

After the above-mentioned emergency measures and follow-up measures have been imple- 
mented, until September 11, 2016, the measured water inflow was 1.32 ton/min and the 
sewage volume was 0.68 ton/min, and the huge groundwater inflow was effectively controlled. 
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Figure 5. Results of supplementary surface geological survey and RIP exploration. 
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Figure 6. Surface geological map and geological map at tunnel elevation (upper right) and profile 
(lower right) near water inrush point. 
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Figure 7. Geological profiles in front of NS-T688. 


5 DISCUSSION 


Figure 6 shows the surface geological map near the water inrush position modified based on 
the results of comprehensive supplementary exploration. These new data obtained from sur- 
face and underground, associated with geological records during tunnel excavation are also 
used to plot the geological map at tunnel elevation. The vanishing point of surface runoff in 
the north-south linear gully and stream is extended as the shear zone, we name the point a as 
the shear zone A (downstream side), the point b the shear zone B (upstream side). The north- 
ward extension of shear zone B may pass through the discontinuous position of the ridge line 
(saddle), and it is not obvious where the shear zone A extends northward to the ridge line. 

Referring to the excavated section of the tunnel and the geological data revealed by 
the AD-59 borehole, two broken zones were also encountered along the tunnel (Figure 7). 
Shear zones A and B should dip westward to intersect with AD-59 borehole, and encountered 
the case tunnel at the two fracture zones. 

According to the engineering geological model in Figure 7, the attitude of rock formation 
exposed in the section between tunnel north portal and shear zone A is N20°~30°E/ 27°~30°N. 
The strike of rock formation is almost parallel to the tunnel, and dip to the rear side of the exca- 
vated face (area to be excavated). These spatial distributions of rock formation explain why that 
the distance between the northward and the southward tunnel is only 30 m, the metasandstone 
that appeared in the northward tunnel extends to the bottom of the southward tunnel and not 
exposed in the excavated face. In addition, the dip angle of the stratum near the fold axis is gentle, 
and the thin metasandstone affected by the fold changes greatly in position and is irregularly 
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distributed, so it is difficult to directly compare the geological records captured from excavated 
face of two adjacent tunnels. The engineering geological model is generally consistent with the geo- 
logical conditions revealed by subsequent excavated face and the groundwater inflow condition; 
after the tunnel passes through the shear zone B, the groundwater condition is less than that pre- 
dicted by the profile F. The engineering geological model shown in Figure 7 explain the reasons 
for the NS-T688 round of water inrush and the temporal changes in water inflows, and also pro- 
vide an effective reference for subsequent construction and excavation (Lo et al., 2018). 

The Chaozhou formation is generally described as a stratum dominated by argillite. The 
lithology is monotonous and widely distributed. The geological map shows a single shade 
symbol and texture in a large area, and there are not many geological structures such as faults 
and folds. The excavated face of the case tunnel reveals that there are still obvious metasand- 
stones, argillite and their interbeds with different metamorphic degrees in the Chaozhou for- 
mation. Large-scale supplementary surface geological exploration can also observe and trace 
folds, faults and shear zones of different wavelengths in a small range. However, due to the 
small scale of the geological map, it is difficult to trace the stratigraphy and structure, so it is 
not shown in detail. Such interbedded strata of argillite and metasandstone are relatively 
weak in engineering characteristics, and in some areas, the effect of folds on the width scale of 
tunnel engineering are more prominent than discontinuities such as joints. In the case of water 
inrush of NS-T688 round, the location of water inrush caused by shear zone A is close to the 
interbedded of argillite and metasandstone. The metasandstone is poor persistence, fractured, 
which is developed on one wing of small-scale folds, shows that the engineering geological 
properties of the Chaozhou Formation and similarly argillite-like formation still need further 
detail investigation and description. When the traditional rock mass classification method is 
applied to this argillite-like formation, special attention should be paid to discontinuity. 
Whether the discontinuity is still the main factor affecting the engineering characteristics of 
the rock mass, and if necessary, consider the necessary correction. 


6 CONCLUSION 


During the construction of case tunnel, a sudden water inrush was encountered at the lower 
right side of the NS-T688 rounding excavated face of southward tunnel with the maximum 
water inflow exceeded 27 ton/min, and it lasted more than 30 days with the discharge exceeding 
20 ton/min. Supplementary geological investigation is carried out after emergency drainage and 
reinforcement measures were taken to avoid groundwater inrush-induced catastrophic collapse 
from the excavating face. The investigation results revealed that the water inrush position is 
close to the local scale fold axis, the stratum dips gentle, and the rock formation affected by the 
fold changes greatly and is irregularly distributed, making it difficult to directly compare the 
geological records captured from excavated faces of southward and northward tunnels. Affected 
by the two shear zones dipping northwestward, the surface stream and runoff disappear, the 
high-dip shear zone is located in the unexcavated tunnel section in front of the water inrush pos- 
ition, and the low-dip shear zone is under the tunnel, and the two shear zones may intersect 
each other in the front of the water inrush position below the tunnel, so that when the excava- 
tion reaches the NS-T688 round, the groundwater inrush from the lower right side, causing the 
collapse and hindering the construction. After mastering the geological conceptual model and 
the influencing factors of water inflow, the development of countermeasures such as drainage 
and grouting improvement can finally break through the water inflow section. 

The studied water inrush event and construction of case tunnel show that when tunneling is 
carried out in the Chaozhou or similar argillite-like formation, the responses of surrounding 
rock sometime become obvious tardily, such as large rock deformation, shotcrete cracks and 
buckle of sectional steel sets may be observed after the excavated face is far from excavated 
width of tunnel, or even more. It is suggested that the engineering geological characteristics of 
the argillite-like Formation still need further detailed investigation and description. When 
applying the traditional rock mass classification method, it should be reviewed and revised as 
needed. 


2361 


REFERENCES 


Lin, W.H., C.W. Lin, M.C. Kuo (1993). Explanatory test of the 1/50,000 Geologic Map of Taiwan- 
Sheet 68 Tawu. Central Geological Survey, MOEA, Taiwan. 

Lo, K.F., C.L. Tesng, C.J. Kuo, T.T. Wang (2018). Water Inrush and Countermeasures at Tunnel in 
Anshou-Caobu Section of South-Link Highway, Sino-Geotechnics, 158, 75-86. 

Zhan, S.S., T.T. Wang, F.S. Jeng (2018). Fracture characterization using hydrogeological approaches 
and measures taken for groundwater inrush mitigation in shaft excavation, Tunnelling and Under- 
ground Space Technology, 82, 554-567. 


2362 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Numerical simulation of circular tunnel intersections in anisotropic 
rock mass 


A. Zafeiropoulos & P. Nomikos 
School of Mining and Metallurgical Engineering, National Technical University of Athens, Zografou 
Campus, Athens, Greece 


ABSTRACT: Jointed and fractured rock masses are often encountered during underground 
excavations. Their anisotropic behaviour is crucial for stability assessments of engineering 
structures; such as tunnel intersections. This paper investigates the effect of rock mass anisot- 
ropy on the intersection of circular tunnels using 3D Finite Difference Method (3D-FDM). 
The results of the study show that the discontinuities in the anisotropic rock mass differentiate 
the stress field around the tunnel section, as the values of the principle stresses are oriented 
according to the joints’ direction. Maximum displacement is developed in the areas where the 
discontinuities are tangential to the tunnel section, indicating the significant effect of the ani- 
sotropy’s orientation. In addition, the plastic zone becomes asymmetric around the tunnel 
intersection, with a greater expanse in the areas where the rock mass discontinuities are tan- 
gential to the excavation. 


1 INTRODUCTION 


The construction of underground intersections is common practice in the tunnelling industry. 
Cross-passages for safety (e.g. emergency exits) and functionality (e.g. maintenance) are typ- 
ical examples of intersecting tunnels that result in geometrically complex excavation layouts. 
The underground conditions of these layouts are rarely homogeneous or isotropic. The rock 
mass becomes principally anisotropic due to various geological processes that create fractures, 
bedding planes, joints, and other discontinuities. Therefore, the mechanical properties of the 
rock mass, such as strength and deformation patterns, fundamentally change. 

However, the literature on underground intersections is limited, particularly in anisotropic 
rock masses. The complex geometry of such environments creates intricate three-dimensional 
stress redistribution between the intersecting tunnels and the surrounding rock mass, but there 
is a lack of analytical closed-form solutions. 

This study investigates the effect of rock mass anisotropy on the intersection of circular tun- 
nels via 3D Finite Difference Method (3D-FDM). Two configurations of a tunnel intersection 
were simulated, one in a “T” and the other in a cross “+” formation, to examine both three- 
and four-way junctions. The mechanical characteristics of the surrounding intact rock mass as 
well as the properties of its discontinuities were determined and remained constant throughout 
the study. Only the dip and dip direction of the joints were altered. Their various alterations 
were used to evaluate their effect on the tunnel intersection by calculating the induced dis- 
placements and plastic zone on the surrounding rock mass. The results of the analysis can be 
used to assess the effect of the anisotropic rock mass, and in particular the orientation of its 
discontinuities, on the redistribution of the stress field and thus the induced deformations 
around the intersection area. 


DOI: 10.1201/9781003348030-284 


2363 


2 BACKGROUND 


The stress redistribution and deformation at the intersection area is a complicated, 
three-dimensional (3D) problem (Gkikas & Nomikos 2021, Chortis & Kavvadas 2021). 
The excavation of the main tunnel alters the initial in-situ stress field and forms the sec- 
ondary one, which is then disturbed by the construction of the intersecting tunnel, even- 
tually creating the third and final stress field (Li et al. 2015). Spyridis & Bergmeister 
(2015) examined this stress field, utilizing parametric linear-elastic three-dimensional 
finite element analysis on a perpendicular intersection of circular shallow tunnels. The 
results of the study indicated that the main tunnel lining at the crown of the junction 
tunnel in the intersection area is significantly unloaded, leading to the development of 
tensile axial forces. On the contrary, in proximity to the wall of the junction tunnel, the 
springline is severely loaded, resulting in compressive hoop axial stresses and plastic 
deformations. Gkikas & Nomikos (2021), with the use of 3D numerical simulations of 
sequentially excavated tunnel junctions in various strain-softening Hoek—Brown rock 
masses, came to comparable conclusions. 

The construction of the underground intersection creates a zone of influence, in 
which additional displacements take place. This zone has been the subject of various 
studies, and some of its proposed extents are: two and a half main tunnel diameters, 
measuring from the centre of the intersection (Liu et al. 2009); one diameter of the 
junction tunnel (Spyridis & Bergmeister 2015); 2.4B or 1.6B, where B is the diameter 
of the junction tunnel, regarding as reference the deformation or stress, respectively (Li 
et al. 2016); and two diameters of the main tunnel starting from the centre of the inter- 
section (Chortis & Kavvadas 2021). The deviations between the proposed extents of 
the influence zone are due to the different assumptions and numerical modelling tech- 
niques used in each study. 

The stress redistribution and induced displacements at the intersection area are influenced by 
several factors, including: 1) the horizontal to vertical in situ stress ratio, which when increased 
leads to a decrease or even elimination of the tangential tensile loading regime at the surrounding 
rock mass of the intersection (Gergek 1986, Chortis & Kavvadas 2021); 2) the intersecting angle, 
which when set at 90° provides the safest stress conditions (Gercek 1986, Li et al. 2015, and 
Liu et al. 2020); and 3) the difference between the main and the junction tunnels’ width, 
whose increase leads to a greater zone of influence with increased tangential and radial axial 
forces (Liu et al. 2020, Chortis & Kavvadas 2021). 

In general, rock masses are considered complex materials due to the numerous geological 
processes that form discontinuities (e.g. fractures) of varying orientations and sizes in their 
matrix. As a result, their mechanical properties may change relative to the loading direction, 
indicating anisotropic behaviour. Characteristics of this behaviour, such as the discontinuities’ 
orientation and strength, affect the underground opening. 

Tonon & Amadei (2003), examining a synthetic plane-strain model of a tunnel in a yielding 
anisotropic rock mass, concluded that the maximum deformation occurs in the areas where the 
discontinuities are tangential to the tunnel section. Bewick and Kaiser (2009) obtained equivalent 
results using finite element stress analysis of a circular tunnel in an anisotropic rock mass, as did 
Fortsakis et al. (2012), who simulated (using finite element method analysis) the dominant discon- 
tinuities as distinct elements and the sections of intact rock between two successive dominant dis- 
continuities as an equivalent isotropic medium. They proposed that the internal rock masses 
between the discontinuities behave as beams, allowing deflections perpendicular to the discontinu- 
ities’ direction when they are tangential to the tunnel section. 

Regarding the effect of the joints’ strength on the tunnel’s stability, Wang & Huang 
(2014) investigated the joint-induced anisotropic deformation surrounding a circular 
tunnel via a 3D constitutive model and an associated 2D numerical implementation for 
a rock mass with regularly distributed ubiquitous joint sets. The research revealed that 
the deformation at the tunnel’s periphery is proportional to the shear strength of the 
rock mass’s discontinuities. 
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3 NUMERICAL MODELLING 


The present study was carried out using the FLAC3D finite difference code (v.6.00), software 
that simulates the behaviour of underground works in geomaterials that exhibit plastic mech- 
anical behaviour when their yield strength is exceeded. These materials respond to applied 
forces and lateral constraints according to a certain linear stress-strain relationship. In this 
study, the elastoplastic Mohr-Coulomb criterion was used for the numerical simulation due to 
its clear physical meaning for the material parameters, mathematical simplicity, and general 
level of acceptance in the field of geotechnical engineering. 


3.1 Model geometry and boundary conditions 


The main and the junction tunnel are assumed to be circular with a diameter of D = 10 m, 
which represents a typical value of various types of tunnels, including platform tunnels at 
underground rail stations, highway tunnels, etc. The excavation length for the main tunnel is 
Lm = 10D = 100 m, while for the junction tunnel in the “T” configuration and for each 
branch of the junction tunnel in the cross “+” configuration, it is Lj = 0.5Ly = 50 m. The 
excavation of both the main tunnel and the junction tunnel is modelled by deleting the zones 
contained in the cylindrical spaces formed by the intersecting tunnels. This simplification, des- 
pite the less accurate stress and loading conditions it produces compared to a gradual advance 
of the tunnel excavation front, provides satisfactory results while also reducing the computa- 
tional time. The junction tunnels are assumed to be constructed after the main tunnel has 
advanced sufficiently to reach a steady state. 

In order to minimize the influence of boundary effects (such as stress changes at the model 
limits due to the tunnel breakout) on the accuracy of the numerical results, a minimum dis- 
tance of five tunnel diameters from each side of the main and junction tunnels was selected, 
both vertically and horizontally. The total length and width of the numerical model for both 
“T” and cross “+” configurations, as shown in Figure 1, is 100m. The mesh near the excava- 
tion walls becomes denser, with a zone aspect ratio of 1.1, producing the least relative error 
and more accurate results close to the intersection, which is the area of interest. 

For a tunnel depth of H = 300 m within a rock mass with a unit weight of y = 25 kN/m?, 
a hydrostatic stress field was considered. All the lateral external boundaries were fixed in the 
normal direction (zero velocities perpendicular to the external boundary faces), while normal 
stress equal to po = yH = 7.5 MPa was applied at each external face of the model in order to 
initialize the primary hydrostatic stress field. 


3.2 Physical and mechanical parameters of the anisotropic rock mass 


In general, the rock mass was assumed to obey the Mohr-Coulomb failure criterion. A value of 50 
MPa for the uniaxial compressive strength (o<) of the intact rock and a Geological Strength Index 
(GSI) equal to 50 were selected. These average values represent a very blocky rock mass, com- 
monly encountered in tunnel excavations. High GSI values (> 75) were not selected since the ana- 
lysis of such rock structures requires numerical methods that explicitly simulate discontinuities. 
Additionally, low GSI values (< 25) were not examined due to the potential for severe squeezing 
problems that endanger the construction of a tunnel intersection. Due to the advanced excavation 
and blasting techniques applied in modern tunnelling to minimize rock mass damage, no disturb- 
ance factor (Dp) was added. The aforementioned parameters were used as inputs to the RocData 
software to calculate the rock mass properties required for the Mohr-Coulomb criterion. These 
properties, presented in Table 1, include cohesion (c), friction angle (@), tensile strength (T), and 
Young’s modulus (E). 

The discontinuities of the anisotropic rock mass were simulated by the elasto perfect-plastic 
Ubiquitous Joint plane model of the FLAC3D package. It is an anisotropic plasticity model 
that includes weak planes of specific orientation embedded in a Mohr-Coulomb solid. The appli- 
cation of the Ubiquitous Joint model required the input of certain values for the mechanical 
properties of the anisotropic rock mass’s discontinuities. As the impact of the anisotropy on 
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the tunnel intersection is the primary objective of this study, the joints’ cohesion (cj), dilation 
(w;), and tensile strength (T;) were set to zero, thereby applying poor mechanical properties, 
in order to achieve the most anisotropic rock mass behaviour possible. An average value of 
30° for the joints’ friction angle (@;) was selected, while their dip and dip direction were set as 
variable parameters covering a wide spectrum of anisotropy’s orientation, as shown in 
Table 1. 


Table 1. Physical and mechanical parameters of the anisotropic rock mass. 


Parameter Symbol Value Unit 

Geological Strength Index GSI 50 - 

Uniaxial compressive strength Oci 50 MPa 

Disturbance factor Dr 0 - 

Cohesion c 1.248 MPa 
Cj 0 

Friction angle 0) 44.399 deg 
Qj 30 

Tensile strength T 0 MPa 
T; 0 

Young’s Modulus E 9215.577 MPa 

Unit weight y 25 KN/m? 

Joints’ dilation Wj 0 m 

Dip - 0, 45, 90 deg 

Dip direction - 0, 30, 60, 90 deg 

FLAC3D 6.00 


©2020 Itasca Consulting Group, inc. 


Figure 1. External view and dimensions of the 3D models: cross “+” intersection and “T” intersection. 


4 RESULTS AND INTERPRETATION 


In order to evaluate the mechanical behaviour of the intersecting tunnels within the aniso- 
tropic rock mass, the induced displacements and plastic zones at the crown and springlines of 
the excavations were examined through the 3D numerical models. Different combinations of 
the joints’ dip and dip direction were applied to the models to evaluate the influence of the 
rock mass anisotropy orientation on tunnel intersections. 


4.1 Displacements 


In general, it was observed that the displacement magnitude reaches its maximum value in the 
areas where the discontinuities of the anisotropic rock mass are tangential to the tunnel section. 
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This phenomenon occurs due to the alignment of the tangential stresses exerted at the periphery 
of the excavation in the direction of the rock mass’s joints. As a result, the sections of intact 
rock between the discontinuities are susceptible to detachment and shear failure. Similar find- 
ings are presented by Tonon & Amadei (2003), Bewick & Kaiser (2009), and Wang (2014). 


4.1.1 “T” intersection 

When the joints’ dip is equal to 0°, the maximum compressive strength and thus the maximum 
displacement are located on the crown and the invert of the tunnels, since in these areas the 
discontinuities are tangential to the excavation. The mechanical properties of the rock mass 
become noticeably poorer in a perpendicular direction to its anisotropy levels, causing signifi- 
cantly greater displacements on the crown and the invert of the excavation (displacements of 
centimetre magnitude) than in the sidewalls (displacements of millimetre magnitude), as seen 
in Figure 2. The right sidewall of the main tunnel, where the intersection takes place, is 
affected to a greater extent compared to the other sidewall. The surrounding rock mass is 
more disturbed in the proximity of the intersection, whose zone of influence has an area of 
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Figure 2. Displacement magnitude of the main and junction tunnel of a “T” intersection for joints’: 
a dip 0°, b dip 45° and dip direction 0°, c dip 45° and dip direction 60°, d dip 45° and dip direction 90°. 
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approximately 2.5D, along the axis of the excavations, starting from the centre of the intersec- 
tion. These findings are in agreement with the findings of Liu et al. (2009) and Li et al. (2016). 

When the joint’s dip increases to 45°, the discontinuities are no longer tangential to the tunnel 
crown, and the magnitude of the induced displacements there decreases, as shown in Figure 2. 

The maximum displacements occur for a dip direction equal to 0° since the strike of the 
joints, relative to the excavation axis, is perpendicular to the main tunnel and the drive of the 
excavation is against the joints’ dip. Consequently, tunnel construction in this geological 
environment is considered unfavourable. As the dip direction of the discontinuities gradually 
approaches 90°, the displacement magnitude increases until the joints’ strike becomes parallel 
to the main tunnel, and the excavation is characterized as extremely unfavourable. Similarly, 
the magnitude of the displacements at the sidewalls of the main tunnel is proportional to the 
dip direction of the discontinuities. 

The junction tunnel, on the other hand, with a 45° joint dip, is subjected to severe stresses 
under the influence of opposite dip directions compared to the main tunnel. The vertical inter- 
section of the tunnels creates a different stress field for each excavation within the anisotropic 
rock mass. When the joints are arranged parallel to the axis of one tunnel, they develop perpen- 
dicularly to the axis of the other, affecting each tunnel differently. Gerçek (1986) reached similar 
conclusions about the favourability of the joints’ orientation on the individual openings. 


4.1.2 “+” intersection 

The construction of an additional junction tunnel to create a cross “+” intersection does not 
greatly affect the magnitude of the induced displacements, as seen in Figure 3. Along the 
crown of the main tunnel, a maximum increase of a few millimetres is observed in the intersec- 
tion area, while on the sidewalls the influence of the additional excavation is even smaller. 
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Figure 3. Comparison of the displacement magnitude on the crown and the springline of the main and 
junction tunnel of a “T” and “+” shaped intersection. Joints’ dip 90° and dip direction 90°. 
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Regarding the junction tunnels, the induced displacements in their sidewalls are almost 
the same magnitude for both types of intersection. In the crown area, a difference of a few 
millimeters of maximum displacement is recorded. Although there is no significant change 
in the magnitude of the induced deformation due to the construction of the additional junc- 
tion tunnel, the extent of the influence zone shows a noticeable increase, as shown in 
Figure 3. 


4.2 Plastic zone 


Based on the 3D models, the plastic zone is related to the induced displacements, which 
implies that its greater amplitude is manifested at the areas of maximum deformation. These 
areas can be found in the tunnel sections where the discontinuities are tangential to the 
excavation. 

When the discontinuities have a dip of 0°, the plastic zone at the tunnels’ crown and invert 
is mainly characterized by joint shear (j-shear) and tension failure (j-tension), as depicted in 
Figure 4a. This is due to the direction of the stress field relative to the joints’ dip. In particular, 
the geostatic loading sets significantly lower the mechanical properties of the anisotropic rock 
mass in a perpendicular direction to its discontinuities, leading to tension failure. Addition- 
ally, the joints’ parallel alignment to the tangential stresses at the crown and invert leads to 
sliding and shear failure. Fortsakis et al. (2012) presented a similar formation of plastic zone 
in their study. 

Contrastingly, intact rock failure is mainly encountered near the sidewalls, where the discon- 
tinuities of the rock mass intersect the excavation. The discontinuities are in a more favourable 
direction relative to the stress field, demonstrating greater resistance to failure. 


FLAC3D 6.00 
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Figure 4. Plastic zone at the intersection area: a Joints’ dip 0°, b Joints’ dip 45° and dip direction 0°, 
c Joints’ dip 90° and dip direction 90°, d “+” intersection with joints’ dip 90° and dip direction 90°. 


By increasing the joints’ dip from 0° to 45°, the extent of their shear and tension failure is 
transferred from the crown and invert more to the sidewalls of the excavation, as at these sec- 
tions the anisotropy levels are now tangent to the periphery of the tunnels, as shown in 
Figure 4b. Consequently, the plastic zone shifts along with the alterations to the joints’ dip. 

The plastic zone that forms at a cross “+” intersection is characterized by a higher percentage 
of failures of both the joints and the intact rock. Figure 4d illustrates a larger plastic zone 
caused by the opening of the second junction tunnel, which comprises of additional joint shear 
failures on the crowns of the intersecting tunnels. 
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5 CONCLUSIONS 


This paper utilizes 3D Finite Difference Method to calculate the distribution of the induced 
displacements and plastic zone at the intersection of deep, circular tunnels in an anisotropic 
rock mass. The dip and dip direction of the rock mass’s discontinuities are varied throughout 
the study to examine the effect of the anisotropy on the tunnel intersection. 

The study shows that the discontinuities in the anisotropic rock mass alter the stress field 
around the intersection by orienting the principal stresses parallel and perpendicular to them. 
As a result, maximum displacements develop in parts of the excavation where the discontinuities 
are tangential to the tunnels’ circumference. This suggests that the orientation of the anisotropy 
has a greater influence on the location of rock mass damage than the in situ stress ratio. 

The shape and extent of the plastic zone are also strongly associated with the joints’ orienta- 
tion. The plastic zone distribution becomes asymmetric around the tunnel intersection and has 
a greater expanse in the areas where the discontinuities are tangential to the underground 
excavation. In these areas, the plastic zone is mainly characterized by joint shear and tensile 
failures due to their poor mechanical properties (zero cohesion and tensile strength) with 
respect to the direction of the stress field, which contributes to their deflection and sliding. 

The construction of an additional junction tunnel at a cross “+” intersection indicated a minor 
influence on the magnitude of displacements. However, due to the additional disturbance caused 
by the excavation of the second junction tunnel, the extent of the plastic zone increases compared 
to the one that develops in a “T” intersection for the same joints’ orientation. 

Therefore, the orientation of the dominant discontinuities is a crucial parameter for the con- 
struction of a tunnel intersection in an anisotropic rock mass. The direction of the anisotropy 
levels may be favourable for one of the intersecting tunnels, but it is most likely to become less 
favourable for the others. These results show that establishing an intersection configuration that 
is equally favourable for all excavations in an anisotropic rock mass is a crucial design step. 


REFERENCES 


Bewick R.P. & Kaiser P.K. 2009. Influence of Rock Mass Anisotropy on Tunnel Stability. Conference: 
ROCKENG09: Proceedings of the 3rd CANUS Rock Mechanics Symposium; 01/2009 

Chortis F. & Kavvadas M. 2021. Three-Dimensional Numerical Analyses of Perpendicular Tunnel 
Intersections. Geotech Geol Eng 39, 1771-1793. 

Fortsakis P. & Nikas K. & Marinos V. & Marinos P. 2012. Anisotropic behaviour of stratified rock 
masses in tunnelling. Engineering Geology. 141-142. 74-83. 

Gerçek H. 1986. Stability considerations for underground excavation intersections. Mining Sc. and Tech. 

Gkikas V.I. & Nomikos P.P. 2021. Primary Support Design for Sequentially Excavated Tunnel Junctions 
in Strain-Softening Hoek—Brown Rock Mass. Geotech Geol Eng 39, 1997-2018. 

Li J. & Wei X. & Liang W. 2015. The Effects of Different Excavation Angle on Intersecting Tunnel Sur- 
rounding Rock Stability. 

Li Y. & Jin X. & Lv Z. & Dong J. & Guo J. 2016. Deformation and mechanical characteristics of tunnel 
lining in tunnel intersection between subway station tunnel and construction tunnel. Tunnelling and 
Underground Space Technology. 

Liu H.Y. & Small J.C. & Carter J.P. & Williams D.J. 2009. Effects of tunnelling on existing support sys- 
tems of perpendicularly crossing tunnels. 

Liu N. & Huang Y.X. & Cai W. & Chen K. 2020. Application of Improved Single-Hole Superposition 
Theory in Nonequal Cross-Section Tunnel Intersection. Advances in Civil Engineering. 

Spyridis P. & Bergmeister K. 2015. Analysis of lateral openings in tunnel linings. Tunnelling and Under- 
ground Space Technology. 

Tonon F. & Amadei B. 2003. Stresses in anisotropic rock masses: An engineering perspective building on 
geological knowledge. International Journal of Rock Mechanics and Mining Sciences, 40 1099-1120. 
Wang T.T. & Huang T.H. 2014. Anisotropic Deformation of a Circular Tunnel Excavated in a Rock 
Mass Containing Sets of Ubiquitous Joints: Theory Analysis and Numerical Modeling. Rock Mechan- 

ics and Rock Engineering, 47: 643-657. 


2370 


Innovation, robotics and automation 


Taylor & Francis 
Taylor & Francis Group 


http.//taylorandfrancis.com 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


LiDAR navigation in underground openings 
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ABSTRACT: In recent decades, the technological advances in the fields of artificial intelli- 
gence, data analytics, computer architecture, and wireless communication enable the ever- 
increasing integration of autonomous solutions into the mining industry infrastructure. Smart 
mines are anticipated to increase the mine workers safety and health, as well as increase the per- 
formance of the smart mine sites. One of the ways to fulfill that goal is to integrate autonomous 
vehicles into the mining cycle. Autonomous navigation in underground, hence GPS-denied, 
environments is a complex and challenging task. Nevertheless, structured underground environ- 
ments, such as room-and-pillar mines or underground tunnel networks, allow for lightweight 
solutions. The current research demonstrates the framework for autonomous navigation inside 
a room-and-pillar panel. An efficient navigation system that incorporates data management, 
LiDAR mapping, path planning, and control in real-time has been developed for a lab-scale 
prototype equipped only with 2D LiDAR scanners. A multiple Random Sample Consensus 
(RANSAC) algorithm extracts salient features from the 2D LiDAR maps, which are input to 
a Stanley controller to define the vehicle’s motion. Simulations in a mock mine section have 
shown the reliability of the prototype to navigate around underground pillars. The same con- 
cepts can be applied to any system of underground openings with linear segments 


1 INTRODUCTION 


In recent decades, the mining industry has been investing in a variety of autonomous solutions 
in the everlasting effort to prevent occupational accidents and increase the efficiency and prod- 
uctivity of mining operations. Multiple smart solutions have evolved from research in that field 
and include (but are not limited to) machine learning in data analytics, (supervised or semi-) 
autonomous mining equipment, wearable-devices for workforce-tracking, and virtual reality for 
training and simulation. In the complex working environment of a mine site, delegating parts of 
the operational cycle from error-prone humans to machines could substantially improve the 
quality of working life and also increase productivity. On the other hand, the complexity of the 
mining operations introduces constrains and challenges on the acquisition and processing of 
data, as well as on the development and implementation of autonomous solutions. 

Nevertheless, several coalitions among mining companies, equipment manufacturers and 
software development companies have developed commercial applications that are currently 
implemented around the world. The effectiveness of these implementations is constantly moni- 
tored and improved as the technological advances in the fields of artificial intelligence, data 
analytics, computer architecture, and wireless communication facilitate the ever-increasing 
integration of autonomous solutions into the mining industry infrastructure. The required 
type of sensory input is determined by the intended application and the working environment. 
The proper sensor selection is pivotal to the efficiency and safe operation of these smart 
vehicles. By using appropriate sensors, sufficient sensing of the static or dynamic surroundings 
of a vehicle can be achieved (Sammarco et al., 2018, Bodin et al., 2015, Hyder et al., 2019). 
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The sensory input required by an autonomous solution heavily depends on the application 
environment and its intended operation. In the context of developing mine entries or tunnel- 
ing, the selection of sensors is determined by the underground nature of the working environ- 
ment, which is generally characterized by poor illumination, presence of suspended dust in the 
air, and a relatively well-structured outline of the openings. This paper presents a lightweight 
navigation framework for autonomous equipment inside a room-and-pillar panel based solely 
on two-dimensional LiDAR scanners. A multiple Random Sample Consensus (RANSAC) 
algorithm extracts salient features from the LIDAR maps, which subsequently feed a Stanley 
controller that defines the vehicle’s motion. Simulations in a mock mine section have shown 
the reliability of the prototype to navigate around underground pillars. The same concepts 
can be applied to any system of underground openings that consists of a network of tunnels. 


2 PROBLEM STATEMENT 


The operators of mining equipment in underground mines often have to tram through the 
narrow entries and crosscuts of a mining section many times during a single shift. This is espe- 
cially true for non-continuous material haulage operations (e.g., haulage trucks and shuttle 
cars). Underground operations are typically characterized by poor visibility conditions that 
make navigation difficult. The addition of noise, vibrations, and suspended dust to the repeti- 
tive nature of this task results in soft tissue injuries, musculoskeletal traumas, respiratory 
problems, as well as fatigue-related accidents. Reports by the US Mine Safety and Health 
Administration (MSHA) corroborate the above: nearly 800 injures and 16 fatalities have 
occurred in underground powered haulage incidents between January 2001 and Septem- 
ber 2010, as well as another 277 injuries and 4 fatalities between 2014 and 2016 (Mine Safety 
and Health Administration, 2010, Mine Safety and Health Administration, 2014, Mine Safety 
and Health Administration, 2015, Mine Safety and Health Administration, 2016). 

The technological advances in computer hardware, software, and wireless communications 
provides the tools to solve this problem. The mining industry has already started integrating 
autonomous haulage vehicles into the mining cycle. Autonomous haulage systems consisting 
of fleets of remotely supervised automated vehicles, provided by Komatsu, Sandvik, Caterpil- 
lar, Hitachi, and other manufacturers, have been deployed all over the world. Despite the fact 
that these automated vehicles are equipped with a variety of sensors that allow for navigation 
in both surface and underground environments, autonomous vehicle performance in under- 
ground environments is not yet equal to that in surface environments. This discrepancy can be 
explained by the nature of the underground environment, which limits the applicability of sen- 
sors that can be easily used on the surface (Saydam et al., 2019, Sandvik AB, 2022, Komatsu 
America Corp., 2022, Caterpillar, 2022, Hamada and Saito, 2018). 

Autonomous solutions commonly use GPS, IMUs, LiDAR scanners, rotary encoders (for odo- 
metry), ultrasonic sensors, RADAR, vision and infrared cameras, or landmark-based techniques 
(e.g., RFID, WiFi, or BLE beacons) to self-localize and map the surroundings (Chi et al., 2012, 
Chu et al., 2011, Dunn et al., 2012, Fraundorfer and Scaramuzza, 2012, Zhang et al., 2019, Xu 
et al., 2017). However, the efficiency and applicability of the different sensors are affected by the 
environment. The GPS-denied nature of an underground mine excludes the utilization of the 
powerful accuracy of GLONASS/GPS systems. Moreover, the poor illumination of an under- 
ground mine severely deteriorates the application of cameras, which complicates the collection of 
high-accuracy and high-density data. Finally, landmark-based techniques require the installation 
and maintenance of additional infrastructure in the working environment, and hence are more 
applicable in static environments rather than a constantly changing mine site. 


3 LABORATORY-SCALE SETUP 


A physical, laboratory-scale setup was constructed for development and testing of the naviga- 
tion framework. The setup consists of a mock mine and a shuttle car prototype with a scale 
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ratio of 1/6th of the full size. A detailed description on the shuttle car can be found in Androu- 
lakis et al. (2020), Androulakis et al. (2021). A brief description of the main features of the 
setup is given below. 


3.1 Mock mine 


The mock mine composed of wooden panels painted black to simulate a room-and-pillar mine 
with square pillars with a width of 15.2 m and 6 m wide entries. Crosscuts have the same 
width as the entries and are perpendicular to them. Figure 1 shows a view of the physical 
mock mine, while Figure 2 shows a dimensioned blueprint of the mock mine. This simplified 
mock mine focuses on the dimensions and geometry of a room-and-pillar mine, but does not 
account for the mine floor or roof. The navigation framework is designed in such a way that 
needs only data about the ribs of the pillars. 
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Figure 1. Physical lab-scale mock mine. Figure 2. Design and dimensions of mock mine. 


3.2 Lab-Scale prototype 


The lab-scale shuttle car prototype is based on a Joy 10SC32B model. A custom-made loco- 
motive system provides four-wheel steering and four-wheel tramming controlled remotely by 
pulse-width modulation (PWM) radio signals. The body of the prototype was 3-D printed 
based on a three-dimension data file provided by Komatsu Mining Corp. The prototype is 
equipped with four 2D LiDAR scanners - RPLIDAR A1M8 model by SLAMTEC - used for 
mapping and navigation (Shanghai Slamtec Co., 2022), and four ultrasonic sensors - HC- 
SR04 model by SainSmart - used for proximity safety. 


4 NAVIGATION FRAMEWORK 


4.1 Mapping & Feature extraction 


The data collected with the 2D LiDAR scanners is used to create maps of the vehicle’s sur- 
roundings. The raw two-dimensional data is subjected to a two-step process that interprets it 
into information that can be used by the navigation algorithms. The two steps are as follows: 
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a) A multiple Random Sampling Consensus algorithm (multi-RANSAC) extracts linear seg- 
ments from the LiDAR data (Fischler and Bolles, 1981). These linear segments model the 
ribs of the pillars (or sides of a tunnel) and allow the system to localize itself with regard to 
the adjacent ribs based on simple geometric principles. The final output of this step is the 
deviation of the shuttle car prototype from the centerline of the entry and the orientation 
with respect to the ribs. 

b) Straightforward logic is used to determine the position of entry-crosscut intersections 
based on the linear segments defined in the first step. The final output of the second step is 
the distance of the vehicle from the closest intersection ahead, which is crucial for initiating 
a turn when the path plan dictates one. 


Figure 3. Shuttle car - laboratory-scale prototype. 


4.2 Lateral control 


The steering angle is defined in real-time through a Stanley Controller, a non-linear lateral 
controller for maintaining a trajectory in real time. The generic equation that describes the 
Stanley controller is the following: 


H(t) = w(e) + tan GI), 3) € Bni Sn 


where: 


Steering angle, 

Heading error, 

Cross-track error, 

Velocity of vehicle, 
Proportional constant, and 
a Softening constant. 


yr Ss SoS Se 


The first term of the equation corrects for the heading error, while the second term corrects 
for the cross-track error (i.e., lateral deviations from the desired path). The softening constant, 
k,, ensures a non-zero denominator for the second term, while boundaries are applied to 
ensure valid steering angles (from a mechanical standpoint) (Thrun et al., 2006). 


2376 


5 FULL-SCALE CONSIDERATIONS 


5.1 Simulation environment 


The final step of the project includes the retrofitting of a full-scale shuttle car and conducting 
different navigation scenarios with the navigation framework developed for the 1/6" scale envir- 
onment. In order to compete this task, the team has partnered with a miner training facility, the 
West Virginia (WV) Training and Conference Center (formerly the Running Right Leadership 
Academy), which was recently purchased by the State of West Virginia (West Virginia Office of 
Miners’ Health Safety and Training, 2022). The training center has an operational shuttle car, 
and its directors are willing to allow the team to temporarily retrofit the car for demonstrating 
autonomous navigation on an full-size shuttle car. The facility includes, among others: 


e An eight-entry, seven crosscut simulated underground mine lab with 12-meter and 6-meter- 
deep mining cuts of coal (entries and crosscuts are 6 m wide), 

* an operational continuous miner, 

* an operational roof bolter, and 

* an operational shuttle car. 


The facility has been determined to be suitable for full-scale demonstration purposes of the pro- 
ject. Figure 4 shows the LiDAR temporarily mounted on the shuttle car to collect preliminary 
data in the illuminated training center. The lighting in the facility can be turned off for simulating 
the mine environment. Figures 5 and 6 show the steering lever and tram pedal, respectively, the 
functions of which will be controlled through actuators for the full-scale demonstration. 


Figure 4. Lidar unit mounted on the shuttle car at the WV training facility. 


5.2 LiDAR sensors & Mapping 


Despite the efficiency of the LiDAR scanners used for the lab-scale prototypes in terms of 
point-cloud density in differently scaled environments, there were concerns about the oper- 
ational limitations of this kind of LiDAR sensor in a real environment, and especially in an 
underground environment. Conditions such as temperature, humidity or presence of sus- 
pended dust could reduce the operational performance of the sensor or even damage it. It 
should be noted that the model of 2D LiDAR scanner used in the lab-scale simulations has 
a rotating mechanical part exposed. This could be a significant drawback in a mining environ- 
ment, which typically is characterized by high concentrations of suspended dust. 


2377 


Figure 5. Steering lever of the shuttle car at the Figure 6. Tramming foot pedal of the shuttle car 
WV training facility. at the WV training facility. 


Therefore, the team explored the availability of LIDAR scanners better suited for an indus- 
trial environment and considered the most popular industrial LIDAR scanning sensor manufac- 
turers that have collaborated with mining equipment manufactures for developing commercial 
smart mining solutions. 

The Ouster OS1-32 scanner was selected and subsequently tested in the simulated mine lab, 
and the data collected were used to create simple x-y scatterplot maps. Figure 7 shows an 
example of the mapping outputs. 
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Figure 7. Data dump from Ouster OS1-32 scanner in the simulated mine lab. 
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It can be observed that the created maps capture with sufficient accuracy the 2D features of the 
space. Notably, the entries and the pillars depicted in the created maps are approximately 6 
meters wide, the same as in the simulated mine. According to TopoDOT™ (2015), the required 
point-cloud density for a particular project is determined from the size of the smallest feature of 
interest to be extracted. In this study, the smallest feature to be detected through the LIDAR data 
is a human who may be standing in the opening. This allows for a relatively lower point-cloud 
density requirement. If the dimension of the minimal feature is 20 cm, then a point-cloud density 
of 25points/m? is required; modern LiDAR units can generate much higher point-cloud densities. 
The Ouster OS1-32 LiDAR unit has a vertical and horizontal angular resolution of +/-0.01° 
(Ouster Inc., 2022). In a worst-case scenario, the object will be about 6 m away (LiDAR on the 
left detecting the excavation rib on the right, or LIDAR in the front detecting a human about an 
entry width in front of the vehicle). At this distance a 0.01° angular resolution will return adjacent 
data points that are approximately | mm apart. Even when considering larger distances, the 2D 
point resolution obtained is sufficient to accurately map the surroundings. 


6 DISCUSSION & FUTURE WORK 


In this study, a navigation framework for automated shuttle cars used in underground room- 
and-pillar coal mines is presented. A custom-made, laboratory-scale prototype, equipped with 
2-dimensional LIDAR scanners has been developed and tested with promising results. The auto- 
mated navigation framework proposed is a lightweight system with lower data and processing 
power requirements, as compared to systems with cameras or three-dimensional scanners. The 
proposed system can navigate effectively because of the simple geometry of the entries and 
crosscuts in an underground mine, which is taken into account in the navigation algorithms. 

The team has started retrofitting a full-scale shuttle car with the intention of deploying the 
proposed framework and demonstrating its feasibility. The deployment of the system requires 
the use of LiDAR scanners better suited to the mine environment compared with the ones 
used in the lab-scale prototype. A model has been chosen and evaluated with very promising 
results. Further evaluations are ongoing to ensure that the LIDAR mapping process can rec- 
ognize ventilation curtains and other elements that were not simulated in the lab-scale setup. 
The intensity of the reflected beams, as measured by the new LiDAR scanners, can be useful 
to achieve this discrimination. The addition of high-reflectivity tapes, strategically placed on 
elements of interest, can enhance the performance of this process. 

Moreover, a drive-by-wire system that allows the custom-built software interface to control 
the steering lever and tramming) pedal of the shuttle car has been developed and is being tested 
at the training facility. The next steps include the completion of the calibration of the drive-by- 
wire system, the fine tuning of the LIDAR mapping process to ensure sufficient sensing of the 
surroundings, and finally the autonomous execution of a series of navigation scenarios. 

Despite the fact that the application presented refers to a shuttle car in a room-and-pillar mine, 
the same concepts can be applied to any vehicle operating in underground roadways or tunnels. 
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ABSTRACT: Extracting rock discontinuity parameters from a rock mass using remote sens- 
ing equipment, which is increasingly being mounted on remotely operated vehicles, is essential 
to improve safety, data processing efficiency and data quality. Over the last decade, research 
has focused on extracting rock discontinuity parameters from point cloud data collected from 
above-ground environments such as quarries, rock slopes, road cutting, etc. However, the 
extraction of rock discontinuity parameters from point cloud data via manual digital mapping 
and, more recently, using semi-automatic algorithms is steadily becoming the new normal. 
This research focuses on extracting rock discontinuity sets dip and dip direction from point 
cloud data collected from a drill and blast tunnel section. The approach has identified the limi- 
tation of using DSE in hard rock drill and blast tunnels and set the framework for additional 
research using the DSE and other semi-automatic algorithms in hard rock tunnels to extract 
rock discontinuity parameters from point clouds. 


1 INTRODUCTION 


During an underground project, it is of paramount importance to assess the stability of the 
surrounding rock mass so that appropriate support measures to achieve safety while avoiding 
cost overruns and project delivery delays (Paraskevopoulou & Benardos, 2013; Paraskevopou- 
lou et al., 2022). Discontinuity analysis of rock faces within tunnelling environments provide 
essential information that is used to characterise the geomechanical behaviour of the rock 
mass, which is incorporated into the design of the tunnel to prevent failure (Paraskevopoulou 
et al., 2021). Furthermore, discontinuities’ geo-mechanical properties generally control a rock 
mass’s engineering behaviour. Therefore, it is crucial to record and quantify rock mass discon- 
tinuity parameters (Ekeberg et al., 2020). However, traditional manual methods (i.e., scanlines 
and window mapping) of collecting rock discontinuity parameters compromise the safety of 
the working personnel examining the rock face. At the same time, the data extracted could be 
subjective and prone to human error(s). Over the last two decades, research and technology 
have advanced, enabling the extraction of discontinuity parameters from point cloud data col- 
lected from rock faces using remote sensing equipment. More specifically, the discontinuity 
parameters are extracted from point clouds using either a manual digital mapping technique 
or semi-automatic algorithms. However, there is a distinct lack of research into extracting dis- 
continuity parameters from point cloud data from underground settings, notably drill and 
blast tunnels, as research has primarily focused on above-ground rock mass exposures over 
the past decade. 

The primary purpose of this research is to determine if rock discontinuity parameters 
(herein dip and dip direction) can be extracted from point cloud data from a drill and blast 
tunnel. A manual digital mapping method and a semi-automatic method are compared to 
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determine if both methods produce the same results, and the reliability of each method is dis- 
cussed. In addition, the limitations of each method are identified, enabling future research to 
have a direction that can improve the process of extracting discontinuity set dip and dip direc- 
tion data from point clouds in underground environments. 


2 BACKGROUND 


This research discusses current practices used for discontinuity analysis in rock masses and how 
the information can determine various (design) parameters. The discontinuity data is required 
to design appropriate tunnel support measures that can reduce the risk of collapse during the 
excavation phase and for the operational life of the tunnel after the completion phase. Modern 
remote sensing techniques such as LIDAR and photogrammetry used for discontinuity extrac- 
tion are being increasingly utilised within underground environments to acquire discontinuity 
data in a much faster, safer and more reproducible way than traditional manual mapping tech- 
niques, are also reviewed in this section highlighting their benefits and limitations. 


2.1 Discontinuities 


The term ‘discontinuity’ is a collective term for most types of joints, weak bedding planes, 
weak schistosity planes, weakness zones and faults (ISRM, 1978). Discontinuities represent 
the greatest weakness within a rock mass; therefore, the nature of the discontinuities must be 
recorded from an engineering perspective. ISRM Suggested Methods indicate that ten param- 
eters can be recorded to describe discontinuities within a rock mass (i.e. orientation, spacing, 
persistence, roughness, wall strength, aperture, filling, seepage, number of sets and block size), 
listed in Table 1. 


Table 1. Parameters used to describe discontinuities according to ISRM (1987). 


Discontinuity Description 
Parameter 
Orientation Inclination of the discontinuity in space. The dip direction (azimuth) and the max- 
+ imum dip recorded within the plane of the discontinuity. 
Spacing Perpendicular distance between adjacent discontinuities. 
Persistence Discontinuity trace length as observed in the exposed rock face. 
Surface roughness measured relative to mean plane of the discontinuity. Roughness 
Roughness 


gives a discontinuity shear strength. 

Compressive strength of the adjacent rock walls of the discontinuity. Possibly lower 
strength due to weathering and alteration. 

Perpendicular distance between rock walls of the discontinuity, space filled with air 
or water. 

Material which separates adjacent rock walls and is typically weaker (e.g., clay). 
This can include quartz or calcite which can act to strengthen discontinuities. 
Seepage Visible water flow and moisture along discontinuities. 

The number of joint sets within a joint system. This maybe crossed by a number of 
random joints not part of a set. 

Rock blocks created by at least three preferably orientated and intersecting joints. 
Block Size Spacing and orientation of joint sets will determine the size and shape of the rock 
blocks. 


Wall Strength 
Aperture 


Filling 


Number of Sets 


Traditional manual methods of collecting discontinuity data from a rock face include scan 
lines and window mapping. Moreover, a rock mass can be either a continuum (continuous) or 
discontinuum (discontinuous). A continuous rock mass has the same strength regardless of 
the orientation of principal stresses. 
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In contrast, a discontinuous rock mass has a different strength depending on the orientation 
of principle stresses to the discontinuities. A jointed rock mass can behave as a continuum 
depending on the level of fracturing and the stress conditions, as illustrated in Figure 1. 
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Figure 1. Mechanical behaviour of a rock tunnel in different stress and structural environments, modi- 
fied from Hoek et al. (1995). 
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Most rock masses encountered within a few hundred metres of the surface are discontinuous, 
in which the geomechanical behaviour is governed by discontinuities (ISRM, 1978). The type and 
location of failure within a tunnel are governed by the degree of fracturing, the level of stress, and 
the orientation of the principal stresses relative to the excavation. Ultimately the modelling 
approach depends on the stress state and the degree of fracturing, as illustrated in Figure 1. 

To assess the structural instabilities in tunnelling environments driven by discontinuities 
a kinematic analysis needs to be undertaken. The most common tunnel failure type in low- 
stress environments is wedge failure. The latter to occur requires at least three discontinuities 
must intersect each other and daylight in the tunnel roof or side walls to form a wedge; this is 
due to the confined conditions surrounding a tunnel excavation. 


2.2 Remote sensing techniques 


There are two main types of remote sensing: LIDAR (light detection and ranging) and photo- 
grammetry. For many years LIDAR has mainly been used in surface applications such as 
mapping surface topography to create digital elevation models (DEMs) and for monitoring 
rock slope stability particularly near civil infrastructure (Dewitte et al., 2008; Lato et al., 
2009). For geoengineering applications photogrammetry has also primarily been used for sur- 
face applications to map and study topographic features in 3D. LIDAR and photogrammetry 
are becoming more widely used to facilitate the characterisation of rock masses through the 
acquisition of “point cloud” data and interpretation using computer algorithms (Buyer and 
Schubert, 2017). The potential of using LIDAR in a tunnelling environment to measure differ- 
ent discontinuity parameters within a rock mass was recognised by Fekete et al. (2010), fol- 
lowing this study research has steadily increased. 
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LiDAR also known as terrestrial laser scanning (TLS) collects point cloud data by emitting 
pulses of ultraviolet, visible or infrared light towards a target and the time taken for the 
reflected light to return to the scanner (time of flight) is used to determine the distance to the 
target from the scanner. 

Photogrammetry is a three-dimensional coordinate measurement technique which uses the 
principles of triangulation. The method works by combining two or more photographs with 
different lines-of-sight on the same object, the lines-of-sight are mathematically intersected to 
produce 3D coordinates of the points of interest (Slob, 2010). Photogrammetry can produce 
point clouds directly from the digital images. 

Both LiDAR and photogrammetry techniques have been successfully used in underground 
settings however their suitability largely depends on the quality of data required, the size of 
the area to be scanned and the project’s budget. Although photogrammetry has been used 
underground for monitoring and structural analysis of a rock mass (Buyer and Schubert, 
2017), generally LiDAR is preferred (Marinos et al., 2019). As tunnels are usually poorly lit 
environments, LiDAR is generally preferred because it can work in low light levels. In add- 
ition, LiDAR is more suitable for engineering applications because it can generate point 
clouds with a higher density, resolution, and accuracy than photogrammetry. 


2.3 Point clouds 


Point clouds typically comprise of hundreds of thousands to many millions of individual 
points depending upon the resolution of the remote sensing equipment and the size of the 
target being scanned. Each point within the point cloud provides a coordinate (X, Y and Z) in 
3D space relative to the position of the scanner (Slob, 2010). The point cloud data collected is 
processed to extract information on discontinuity parameters within the rock mass such as dip 
and dip direction, spacing, trace length etc. 

The way in which rock discontinuity parameter data can be collected and interpreted has 
changed dramatically over the past two decades. The industry is gradually transitioning from trad- 
itional manual discontinuity mapping to semi-automated and fully automated techniques 
(Figure 2). The semi-automated and fully automated techniques extract discontinuity parameters 


Traditional Manual 20" century methods of 


Mapping collecting discontinuity data 


(e.g. scanlines and window mapping) 


ws 


Manual Digital Mapping (This study) 


(e.g. CloudCompare, Split-FX, Polyworks, etc.) 


= = Late 20" century and early 215 
century methods of acquiring 


Semi-Automated Discontinuity discontinuity data via point clouds 


Parameter Detection 
(e.g. DSE, PlaneDetect, DiAna, etc.) 


A rfe 21* century advancements in 
Fully-Automated Discontinuity technology and future best practice 


Parameter Detection of acquiring discontinuity data via 
(e.g. artificial intelligence (Al)) point clouds 


Figure 2. The transition from manual to fully-automated methods of discontinuity parameter data 
collection. 
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by processing point cloud data collected from a rock face with computer algorithms. Only six out 
of the ten discontinuity parameters suggested by ISRM can be quantified using point cloud data; 
the remaining four (aperture, seepage, wall strength and filling) still require direct manual meas- 
urements from the rock face (Gigli and Casagli, 2011). Currently, there is no defined industry 
guidance or recommended approach to extracting discontinuity parameters from point cloud 
data. Remote sensing techniques which collect point cloud data from the surface are well estab- 
lished; however, the software and algorithms which extract discontinuity parameters are relatively 
new and still being developed. The use of point clouds to extract rock discontinuity parameters 
within underground excavations has been significantly less researched than for surface 
applications. 


3 METHODOLOGY 


In this research work the only rock discontinuity parameters to be extracted from the point 
cloud data are discontinuity sets dip and dip direction. Point cloud data is analysed using two 
different methods: a manual digital mapping method in CloudCompare; and semi-automatic 
algorithms in the Discontinuity Set Extractor - DSE (Riquelme et al., 2014) software run 
within Matlab to extract the principal discontinuity sets from point clouds of the drill and 
blast tunnel faces and walls. Principal discontinuity sets identified within the tunnel face and 
wall point clouds are then identified. 

Semi-automatic methods are preferred to manual digital mapping techniques to extract rock 
discontinuity parameters from point cloud data because they provide a quicker and more objective 
way of extracting discontinuity parameters. Semi-automatic algorithms require the input of 
parameters, therefore, are not fully automated. The output of the semi-automatic methods 
depends on what values are entered as input parameters; therefore, care must be taken to ensure 
the appropriate input parameter values are chosen. Discontinuity Set Extractor (version 3.01) is 
an open-source software package by Riquelme et al. (2014) and run within Matlab which deter- 
mines the principal discontinuity sets within a point cloud including their dip and dip direction. 
The software works by importing the point cloud data and running a series of algorithms, some of 
which require the user to define input parameters. The DSE algorithms are briefly described in the 
remainder of this section, however, more detailed information can be found in Riquelme et al. 
(2014). 


3.1 Tunnel of interest 


The twin-lane railway tunnel under investigation is located in Norway and the section ana- 
lysed is approximately 18 m in length. The tunnel is being mined using the drill and blast tech- 
nique with a total length of 1.2 km long, including the portals. The tunnel axis trends 
approximately north to south, with a plunge of 0°. The tunnel excavation is taking place 
towards the north. The tunnel faces are about 14.5 m wide, and 11 m high, and the distance 
between blasted tunnel faces is approximately 3 m (hence the numbering of the tunnel faces 
and walls). The tunnel is within a shallow, low-stress environment, where the maximum 
amount of rock cover is approximately 50 m. The geology in this section of tunnel consists of 
igneous rock, primarily a rhombic porphyry. The rhombic porphyry is described as a fine- 
grained reddish-brown matrix containing larger phenocrysts of feldspar typically > 10 mm in 
diameter. The main fracture set identified has a strike north to south and is steeply dipping 
towards the east. Two additional fracture sets with a strike NE-SW dipping to the south and 
NW-SE dipping to the northeast are mentioned. Although hydrogeology is an essential factor 
of tunnel stability, this information is not available at the time of this research project. 
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4 ANALYSIS & RESULTS 


The main objective of the analysis is to extract the principal discontinuity sets from the 
point cloud data of a drill and blast tunnel and export these to Unwedge (Rocscience) 
to identify possible wedges and design appropriate rock support measures. Three tunnel 
faces and six tunnel wall point clouds (1, 2 and 3) have been analysed using the manual 
digital mapping method in CloudCompare alongside DSE in Matlab. The manual digital 


Figure 3. Drill and blast tunnel point cloud data approximately 9 m in length: (a) three tunnel wall sec- 
tions (b) and three tunnel faces are analysed; the direction of excavation and north is indicated by the 
orange arrow. 


mapping method has been carried out as a sense check for the discontinuity sets identi- 
fied by the semi-automatic algorithms within DSE. The manual digital mapping was car- 
ried out prior to any DSE analysis to prevent the user from seeking out discontinuities 
identified by DSE. The tunnel point cloud data is shown in Figure 3. 


4.1 Tunnel walls 


The manual digital mapping in CloudCompare and the semi-automatic algorithms in 
DSE have identified some similar discontinuity sets within the point cloud data. Sum- 
mary stereonets are presented in Figure 4 which compares the discontinuity sets identi- 
fied using CloudCompare and DSE. It is clear from the stereonets that DS1 and DS2 
are identified using both methods. The discontinuity set DS3 identified in CloudCompare 
does not represent the same DS3 determined by DSE. The relative density of clusters 
identified by DSE belonging to a discontinuity set (Figure 4-steronets) indicates that 
DS1, DS2 and DS3 have the highest density concentrations. However, it is clear that 
DS1 dominates within the point cloud data which has a strike of 000°. As DSI and DS2 
have a relatively high density of clusters belonging to their discontinuity sets and are 
found in every point cloud analysed they are considered to represent actual discontinuity 
sets in the tunnel wall point cloud data. 
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Extracted Discontinuity Sets from Tunnel Walls (1 to 3) 
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Comparison between discontinuity sets identified by both methods. Values presented 
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Figure 4. Selective results from the analysis of the three tunnel walls using both methods Manual Digi- 
tal Mapping (Cloud Compare) and Semi-automatic DSE and the derived Discontinuity Sets (DS). 


4.2 Tunnel faces 


The manual digital mapping in CloudCompare and the semi-automatic algorithms in DSE 
have produced similar results as shown in Figure 5 which compares the discontinuity sets iden- 
tified using CloudCompare and DSE. The artificial discontinuity set (DS3) identified by DSE 
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Figure 5. Selective results from the analysis of the three tunnel faces using both methods Manual Digi- 
tal Mapping (Cloud Compare) and Semi-automatic DSE and the derived Discontinuity Sets (DS). 


which is the result of the tunnel face orientation has been discounted as an actual discontinuity 
set. As DS3 in DSE was only identified in one tunnel face these are not considered to represent 
actual discontinuity sets. The manual digital mapping in CloudCompare identified DS1 in all 
tunnel faces apart from tunnel face 1 which was the same finding when using DSE. The rela- 
tive density of clusters identified by DSE belonging to a discontinuity set once the artificial 
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discontinuity set is removed indicates that DS1 and DS2 have the highest density concentra- 
tions. In summary, DS1 is considered the only discontinuity set identified in the tunnel faces. 


5 DISCUSSION 


From the analysis, only two sets are identified as actual discontinuity sets, DS1 from the tunnel 
face and tunnel wall point clouds and DS2 from the tunnel wall point cloud. If DS1 and DS2 in 
Figures 4 and 5 are the only discontinuity sets present then there is no risk of wedge failure. 
Additional discontinuity sets are identified in the tunnel face and tunnel wall point clouds, how- 
ever these are not determined by both methods in consecutive point clouds and when visualised 
in CloudCompare they do not appear to represent actual discontinuity sets, therefore are not 
considered as actual discontinuity sets as previously mentioned.An unexpected observation 
during the analysis of the tunnel wall point cloud in CloudCompare is that it becomes visually 
clear that the blasted tunnel wall geometry reflects the discontinuity sets present within the 
tunnel walls. Most tunnel wall point clouds have a flat roof and near vertical side walls. On 
reflection this geometry is likely to exist due to how the blasting has exploited the near vertical 
discontinuity set (DS1) and the sub-horizontal discontinuity set (DS2). 


6 CONCLUDING REMARKS 


There are very few examples in the literature of extracting discontinuity set parameters (e.g., 
dip and dip direction) from point clouds of rock masses in underground environments using 
semi-automatic algorithms, particularly in drill and blast hard rock tunnels. This research 
work has addressed the lack of research into extracting discontinuity set parameters from 
point cloud data from underground settings using semi-automatic algorithms. The manual 
digital mapping in CloudCompare and DSE have identified the same discontinuity sets where 
the discontinuity sets are represented by a relatively large number of clusters in DSE. More- 
over, the manual digital mapping in CloudCompare is arbitrary like traditional manual map- 
ping however the tools within CloudCompare reduce the chance of human error and allow the 
discontinuity sets identified to be reviewed by other professionals. This research has also iden- 
tified the limitations of using DSE to extract discontinuity set data from drill and blast tunnel- 
ling environments. The DSE software confuses the tunnel face normal and facets which are 
the product of the tunnel blasting process as discontinuity sets. However, its current form 
requires the professional judgement of an experienced engineering geologist or geo-engineer to 
discount discontinuity sets identified by DSE, which are the product of the drilling and blast- 
ing technique creating areas of further research. 
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ABSTRACT: In the framework of ongoing design activities focused on the rehabilitation 
works of almost 600 highway tunnels of Autostrade per I’Italia’s network, a smart analysis 
method which mixes historical calculation techniques with innovative standards has been 
developed. The key point of the method is the reliability of measurements regarding the actual 
stress level acting in existing linings, since it directly involves tunnels stability during the con- 
struction stages as well as tunnels’ strength and resilience in the long term. The experimental 
measurement of the stress level in the tunnel linings typically leads to a set of uncertainties 
and issues: the need to define standardized survey procedures which can be carried out under 
objective conditions, significance level/surrounding conditions/validity of measurements and, 
finally, how to use measurements for design purposes. Following the statistical analysis related 
to a large database consisting of over 1,500 results of standard flat-jack tests, an experimental 
stage ranging from the depth of lining cutting and to the collection of strain measurements in 
the surrounding lining intrados by means of highly dynamic and sensitive sensors has been 
developed. This experimental stage has provided the main elements to assess the reliability of 
flat-jack test results and, in particular, to assess whether its actual representativeness is limited 
to the stress level acting on the lining intrados side or - and, in case, how - it can be extended 
to the whole lining thickness. 


1 INTRODUCTION 


The most common method to define the state of stress acting on a tunnel lining is the single 
flat-jack test. A critical aspect of this test method is the attribution of the resulting state of 
stress to the entire thickness of the lining, despite the fact that the shear of the concrete only 
affects a cortical portion in the intrados, i.e., establishing to what extent the measured values 
are representative of the state of stress of the entire thickness of the lining and not only its 
cortical portion. In case further investigation is required, doorstopper tests, which are more 
demanding and costly, are generally used. In order to validate and consolidate the statistical 
analyses on the database consisting of the results of more than 1,500 tests carried out as part 
of Autostrade per l’Italia’s Tunnel Assessment Programme, an experimental test involving the 
integration of the simple flat-jack test with a continuous monitoring of the state of deform- 
ation acting around the cut was proposed. Very high resolution (0.025uE) digital strain gauges 
with a high dynamic response (up to 20kHz) were used to measure the state of deformation. 
Another addressed aspect concerns the level of standardization of the test if applied to the 
field in order to standardize the interpretation of the measured values by optimizing the test 
time. To this end, statistical analyses were carried out on a dataset of more than 1,500 tests 
performed in 55 tunnels belonging to Autostrade per l’Italia SpA’s motorway network. 
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2 SINGLE FLAT-JACK DESCRIPTION 


Investigations carried out using the single flat-jack test have the objective of restoring the ten- 
sional state to which a lining is subjected. The single flat-jack test consists of making a cut in 
a structural element and then applying a known pressure to the cut surfaces to restore the initial 
condition of the body. Performing a plane cut in the direction normal to the surface of an element 
causes the edges of the cut to close again; by introducing a plane jack inside the cut (i.e., by intro- 
ducing a very thin metal pocket into which oil can be injected at known pressure), it is possible to 
restore the edges of the cut to their initial conditions. From the force exerted by the jack to restore 
the initial situation, it is possible to identify the tension state which was in place at the beginning. 
Therefore, the in situ tension is: 


o= P. Kt- Km, (1) 


where P = jack Pressure for which the state of stress prior to shear is recovered; o = calculated 
Stress value; Km = dimensionless constant given by the ratio between jack area and shear area 
(<1); K, = dimensionless constant depending on the geometry and rigidity of the jack (<1). 

The value of the Young’s modulus of concrete is derived from the ratio of the applied tension 
to the measured deformation. At least three strain gauge bases ‘straddling’ the cut are usually 
adopted for the test. In this way, a direct measurement of the convergence between the two edges 
of the cut is obtained, and the measurement of its cancellation when the in situ tension is imposed 
again. The reference standard for tests with flat-jacks is ASTM D 4729 - 19 (2019) - Standard 
Test Method For In Situ Stress And Modulus Of Deformation Using The Flat-jack Method. 

First of all, this methodology provides for the making of a cut and the measurement of the 
convergence of the crack, the entity of which is detected through measurements of relative dis- 
placement between two or more points located in a symmetrical position with respect to the 
same cut using a displacement transducer. Once the flat-jack is inserted inside the cut, it is 
gradually brought under pressure until the previously measured convergence is cancelled. 
Under these conditions, the pressure inside the jack will be equal to the pre-existing stress, 
minus the constants that take into account the ratio between the area of the jack and that of 
the cut, and a stiffness coefficient of the jack. 


3 SINGLE FLAT-JACK TEST DATASET ANALYSIS 


A dataset of more than 1500 tests performed along the crowns of 55 different tunnels of 
Autostrade per l’Italia SpA’s network was taken into account. The tests were performed 
on sections with three or five test points. The analysis aims at standardizing the test pro- 
cedure, i.e. defining the number and magnitude of the pressure increase with a flat-jack 
as a function of the initial and closing measurement of the cut made in the lining. The 
number of steps in the pressure increase process and the individual pressure increase 
values are a function of the post-cut closure value; in this way, the test may be carried 
out very quickly while adequate test resolution will be maintained. Figure 1 shows the 
correlation existing between the post-cut closure value (in logarithmic scale) and the 
applied reset pressure, and the correlation existing between the post-cut closure value (in 
logarithmic scale) and the calculated state of stress. 


4 DESCRIPTION OF INSTRUMENTED FLAT-JACK TEST WITH STRAIN GAUGE 


The measurement with a dial gauge (deformometer) is manual and, in the case of minimal dis- 
placements (low tension state values), it is affected by the stability of the measurement oper- 
ations (i.e., presence of water, mud, operational difficulties of position, elevation platform 
instability, etc.). As the gauge lenghts are 250 mm apart, the dial gauge is able to achieve 
a nominal resolution of 0.001mm over 250 mm, corresponding to 4 microepsilons (uE). 
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More realistically, manual measurement can be estimated to have a resolution (and repeat- 
ability) of 20uE depending on the operator and working conditions. This resolution does not 
make it possible to gain enough information for the evaluation of the dynamics of cutting pro- 
cesses per-formed at different depth levels. In order to obtain feedback on the measured ten- 
sion states, the simple single flat-jack test was integrated by the measurement of the 
deformation of the lining around the cut, both during the cutting phase and during the phases 
of increase and decrease of the jack pressure. While bearing in mind that the measurement 
performed in the single flat-jack test is dis-continuous and that the magnitude of the variations 
between the measurement points with the dial gauge before and after the cut are generally less 
than 0.1mm (with maximum measured values equal to 0.2mm) in a high state of tension, digi- 
tal strain gauges with a high dynamic response (up to 20kHz) and very high resolution 
(0.025uE) were used to measure the objective parameters of the experiment, with continuous 
acquisition during all the test phases. 
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Figure 1. Correlation between the post-cut closure value (in log scale) and the applied restoration pres- 
sure (left side); Correlation between the post-cut closure value (in log scale) and the calculated state of 
stress (right side). 


In general, transducers shall meet the following criteria: high resolution (less than 0.5uE); 
high dynamic response (especially during the cutting phase, it is important to have high strain 
sampling). For the experimental phase, two different layouts (A, B) were adopted for the 
installation of the digital strain gauges (Figure 2). 


— Layout A: two strain gauges installed above the cut (key side of the invert) and two strain 
gauges installed below the cut (abutment side of the tunnel invert), for the measurement of 
the state of stress acting at the center of the cut; 

— Layout B: one strain gauge installed above the cut (key side of the tunnel invert), one strain 
gauge installed below the cut (abutment side of the tunnel invert), and two strain gauges installed 
laterally to the cut, for measuring the state of stress acting at the center and sides of the cut. 


Tensile stress measurement in the central part of the cut Tensile stress measurement in the central part and at the sides of the cut 
KEY 

Digital strain sensors Digital strain sensor 

ESR1~ESRZ ESAI 

Digital strain sensor 
ESRa 
cur 
——] 
Digitol stroin sensor 
ESR2 

Digital strain sensors Digitol strain sensor 

ESR 4- ESRI 

ABUTMENT ABUTMENT 


Figure 2. Configuration of digital strain gauge arrangement according to layouts A and B. 


The test is carried out according to the following steps (Figure 3): 


1. Installation of the digital strain gauges according to the configurations described above, 
with direction parallel to the theoretical stress lines; 
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Positioning of the manual measuring points with deformometer; 
Zero measurement with deformometer; 

Start of continuous strain data acquisition (strain gauge); 
Cutting phase for successive depth steps; 

Post-cut measurement with deformometer; 

Insertion of flat-jack; 

Execution of the test with loading and unloading on steps. 


SOS OY Oy Goh 


The acquisition of the deformation data is performed from step 1 to the end of step 8; for 
step 8 only, manual deformation measurements with deformometer are also performed. 

After each cutting step (100-200-260mm) and after each increase in pressure with a flat- 
jack, the stabilization of the deformation values is verified. 


Figure 3. Test steps: a) guidelines for sensor position, aiming and cutting; b) cutting with a saw; c) measure- 
ment with a post-cut deformometer. 


5 DATA ANALYSIS 


Theoretically, during the cutting phase, tensile stress develops in the lining, and its value 
increases as the cut deepens. Under tensile stress, the strain gauge lengthens. With its lengthen- 
ing, the measured strain values are positive (+). Figure 4 shows the behavior of the lining 
around the cut during the different steps (before the start of the cut, at 100 mm, at 200 mm 
and at 260 mm). Assuming that the furthest ends of the strain gauges from the cut are fixed 
and unaffected by the deformation of the lining induced by the saw, at each cutting step, the 
strain gauges ends which are closer to the affected area will extend towards the cut. Before 
proceeding with each subsequent cutting step, we shall wait for the measurement to stabilize — 
and this will still be a traction measurement in the case of a loaded lining. The following para- 
graphs present the results of the analysis of two single flat-jack tests equipped with digital 
strain gauges, carried out with the two different installation layouts (A and B - see Figure 2) 
are presented. For each layout, the strain variation during the cutting phases and during the 
increase and decrease phases of the jack pressure is represented. 
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Figure 4. Theoretical trend of the change in lining deformation at each cutting step. The figures on the 
left of each of the four steps represent the section view of the cutting, whilst the figures on the right of 
each of the four steps represent a plan view of the cutting. 


2393 


5.1 Step cutting with increasing depth 


One of the objectives relates to the critical issue expressed in Section 1, namely whether the 
result of the test performed at cortical level (due to limitations in the equipment used) is repre- 
sentative of the entire thickness of the concrete lining of the tunnel. In order to demonstrate 
that the depth of the cut (260 mm) is enough to have sufficient shear stress relief for the execu- 
tion of the single flat-jack test and to obtain a stress-state value representative of the entire 
lining thickness, analyses were carried out on the tests performed on the strain variation with 
the deepening of the cut. The stabilization points of the curve after each cutting step were con- 
sidered as strain values for the individual test steps. If the strain curve obtained in this way 
tends towards asymptotic values (Figures 5-6), the state of stress defined by means of a single 
flat-jack test can be considered as representative for the entire lining thickness. In the event 
that the curve obtained is of the increasing type, it is possible to use the strain values measured 
with the strain gauges to obtain a projection of the maximum state of stress at a depth of 
600mm (further extending the extrapolation is deemed to be inappropriate). 
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Figure 5. Time history of the strain change during the cutting phase measured with strain gauge 
arrangement as per layout A (on the left); Strain variation curve created using the strain values achieved 
when stabilizing the time history curve after each cutting step (on the right). 


Figure 6. Time history of strain change during the cutting phase measured with strain gauge arrange- 
ment as per layout B (on the left); Strain change curve created using the strain values reached at the sta- 
bilization of the time history curve after each cutting step (on the right). 


5.2 Jack pressure increase and decrease phases 


Figure 7 shows the change in lining deformation around the cut for each phase of increasing 
and decreasing jack pressure. 


5.3 Calculation of the ‘R’ parameter 


From the measured deformation data and state of stress values, it is possible to calculate 
a parameter ‘R’ that can be traced back to the elastic modulus of the material. In Figure 8, the 
deformation values (inverted) during the single flat-jack loading phase are plotted. 
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Figure 7. Time history of strain variation during loading (A) and unloading (B) measured with strain 
gauge arrangement as per layout A (on the left) and as per layout B (on the right). 


From the relationship between the maximum state of stress calculated from the single flat- 
jack test and the deformation value measured at the stabilization of the curve after the last 
cutting phase (up to a depth of 260 mm), it is possible to calculate the ‘R’ parameter as: 


R = o/e_260mm (2) 


By considering the R parameter to be representative of the concrete casting at the test, it is 
possible to use it to derive the value of the state of stress at a depth of 600 mm (further extend- 
ing the extrapolation is deemed to be inappropriate): 


o = R - 600mm (3) 


6 CASE HISTORY 


The A14 Colle Marino left-hand tunnel, under the jurisdiction of Autostrade per l’Italia SpA, 
was chosen for a test field that provided for the execution of a total of 84 single flat-jack tests, 
34 of which were instrumented tests. 

Specifically, the single flat-jack tests were performed on the right side, while the instru- 
mented jack tests were performed on the left side. 

This is a special case in that the tests were all performed on the tunnel invert (Figure 9). 

The test involved the installation of two digital strain gauges, one for each side of the cut, 
arranged in a direction parallel to the theoretical stress lines. 

Strain gauge ESR-01 was installed for all the tests on the abutment side and the strain 
gauge ESR-02 was installed on the key side of the tunnel invert (Figure 10). 

For each measurement point, individual flat-jack tests, with the tension state of the inverted 
arch calculated at 260 mm, were carried out. 


Figure 8. Correlation curves between calculated state of stress and measured strain with strain gauge 
arrangement as per layout A (on the left), and as per layout B (on the right). 


The tests performed on the left side alone were accompanied by the continuous dynamic 
measurement of the lining deformation value measured before cutting, during the cutting 
phase and during the cycles of increasing and decreasing jack pressure. 
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Figure 9. Reverse arch tests on A14 Left Colle Marino Tunnel. 


ABUTMENT 
ESR-01 


— CUT 


ESR-02 
REVERSE ARCH KEY POINT 


Figure 10. Layout of the strain gauge installation for the tests performed in Colle Marino Tunnel. 


It shall be specified that for this test field a first loading cycle with relative unloading 100%- 
50%-0% and a second rapid cycle 0%-100%-0% were performed. 

In the following graphs the values of the state of stress o (MPa) calculated starting from the 
restoring pressure (Figure 11a), the strain values (uE) of the lining measured when the restor- 
ing pressure was reached (Figure 11b) and the values of the parameter ‘R’ calculated using the 
state of stress value reached by the single flat-jack test and the strain value measured at the 
stabilization point of the curve after the last cutting step at a depth of 260mm (Figure 11c) are 


c) 


Figure 11. a) Variability of the tensile state (MPa) measured by the single flat-jack tests as a function of 
the mileage and side of the tunnel; b) Variability of the average strain values (of the first and second 
cycles of increase and decrease in jacking pressure) measured at the resetting pressure of each individual 
test, as a function of the mileage progress; c) Variability of the ‘R’ parameter calculated using the state of 
stress value reached by the single flat-jack test and the strain value measured at the stabilization point of 
the curve after the last cutting step at a depth of 26cm, as a function of the chainage. 
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plotted as a function of the tunnel’s chainage. The data plotted in the Figure 11 only refer to 
the strain curves, which are not affected by measurement anomalies or criticality. 

Figure 12 shows an example of time history of the deformation and the deformation values after 
each step of the cutting phase, during a flat-jack test performed in A14 Colle Marino Left Tunnel. 
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Figure 12. Time history of strain variation during the cutting phase (A), the first cycle of loading and 
unloading (B) and the rapid cycle (C) measured with strain gauge arrangement used in A14 Colle Marino 
Tunnel (on the left); Deformation curve created using the strain values reached at the stabilization of the 
time history curve after each cutting step (on the right). 


7 CONCLUSIONS 


The experimental analysis was aimed at assessing the correctness of the flat-jack tests and under- 
standing how representative the test can be of the entire lining thickness. To this end, if the 
deformation curve registers an asymptotic trend as the cut deepens (until it stabilizes), the value of 
the tensional state revealed by the single flat-jack test is representative of the tensional state of the 
entire lining thickness. If the curve registers an upward trend, the state of stress value from the 
simple flat-jack test is to be considered cortical. Deformation measurements allow a (conservative) 
projection of the actual state of stress values to be calculated. 


Figure 13. Comparison of extrapolated values of state of stress at 60cm depth for an asymptotic (blue) 
and an upward trending curve (red). 
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ABSTRACT: Tunnel lining designs are complex, requiring the combination of both geo- 
technical and specialist structural skills, often demanding thousands of hours of design effort 
for a single detailed design. The design is computationally demanding, and much of the design 
process needs to be performed consistently across different projects. As such, the initial devel- 
opment costs of an automation tool for tunnel lining design is justified to realise long-term 
benefits of improved design quality and time savings. 

TunLIN is one such automation software that has been developed by the author and in-house 
team at Jacobs. At the core of TunLIN, the essential tasks which are required for all (or almost all) 
tunnel lining designs are performed from the fewest number of user inputs, and importantly, inputs 
are only ever defined once and in a format that is easily auditable. The calculations that TunLIN 
performs are processed in coded modules, using multiple programming languages. The source 
coding is fully auditable, protected and secure, with past revisions backed up. The user interaction 
with TunLIN is managed through AutoDesk Dynamo, specifically through the Civil 3D platform. 
Here, the project topographical and geospacial information can be pulled into TunLIN directly 
from the Civil3D alignment, or, alternatively, this information can be input by the user through 
tables within an Excel user input file. This single source of truth also contains material and action 
factors, load combinations, soil model, joint model amongst others. TunLIN can perform tunnel 
design using closed-form methods, or it can autonomously generate Finite Element models in 
SAP2000 or Plaxis; including extracting results and performing post processing. 

This paper presents an overview of how TunLIN could be used to design a section of in-situ 
concrete tunnel lining for a new build nuclear power project using SAP2000, in particular how 
TunLIN could be a benefit on such a project where designs must undergo the greatest rigour 
and due-process. 


1 INTRODUCTION 


This paper discusses the complexities of designing tunnel linings for nuclear projects, the 
motivation for automation in design and a design tool that has been developed by Jacobs for 
this purpose. Design automation has moved from being a “nice to have” to a need in the 
industry due to the reduction in the availability in human resources. 

In the context of a nuclear project, the use of automation in design also has the benefit of 
bringing more standardisation of design processes, as more often than not, the projects are 
large and complex and have parallel teams working on similar structures. The means by which 
these teams setup their design has in the past been different. This does not lead to the wrong 
result, but the disparity in approach gives rise to potential errors in design verification and 
makes for a more complex quality assurance (QA) process. By automating the process, the 
parameters are defined in a common manner and the design workflow follows an agreed path. 

It should be noted that this paper is a generalised discussion of design for a nuclear project. 
Discussion modelling and data presented are hypothetical and used only to demonstrate the 
challenges of design and the capabilities of TunLIN. 
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2 BACKGROUND 


2.1 Nuclear safety case design 


Safety case design as defined by the Office for Nuclear Regulation (ONR) is to encompass the 
totality of the documentation developed by a designer, licensee or duty-holder to demonstrate 
high standards of nuclear safety (ONR 2019). The design of a tunnel with a nuclear classifica- 
tion follows the same fundamental principles of any civils design based on any common code 
of practice, such as Eurocode. However, not only are nuclear projects inherently complex, but 
all design and action combinations will need to be assessed in detail, including seismic actions 
for example, whereas for other projects, often a significant rationalisation of these combin- 
ations can be made at the early stages of design. Furthermore, a nuclear project may require 
specific substantiated design to verify that the structure shall not compromise the integrity of 
adjoining structures, shall be proven to act independently, be stable and perform within the 
expected limits whilst providing the required operational functional objectives. In parallel to 
this, a comprehensive quality assurance process must be followed. 

To give the reader some perspective on the number of design cases that are typically 
required, Table 2-1 presents a typical set of design limit states and associated design cases for 
a single cross section of tunnel lining for a nuclear project. Note, multiple cross sections will 
commonly need to be considered for the design of the whole tunnel to account for variation in 
the alignment, geological conditions, water table etc. Hence many hundreds of calculations 
may be required for a single structural element. 


Table 2-1. ULS-— Ultimate Limit State, SLS — Serviceability Limit State, EQU — 


Equilibrium. 
Limit State Scenario Description Number of design cases 
ULS -pundamental Construction 9 
Operational 12 
ULS. accidental Seismic 24 
Flooding 12 
SLS. characteristic Construction 4 
Static 26 
Seismic 8 
SLS. guasi-permament Operational 2 
SLS. fundamental Maintenance 1 
EQU Floatation 4 
Total number of cases 102 


2.2 Beyond design basis 


In addition to the design cases above, since the 2011 Fukushima Daiichi plant accident in Japan, 
further design rigor has been required to cater for Beyond design basis events (NNB 2017). 

The assessment shall be performed to assess the mode and consequences of structural failure, 
fundamentally providing justification that the structure remains capable of meeting its safety 
functional requirements beyond the design basis and is shown not to demonstrate cliff-edge 
effects (i.e. sudden or unpredictable failure). This assessment must test the sensitivity of the 
structure under all the accidental load cases to the point of failure (NNB 2017). This usually 
takes the form of iterative assessment with multiple increases in loads to approach failure, 
documenting design margin under these circumstances. These accidental cases usually consider 
climatic or seismic governing actions. 


2.3 Development of new design toolbox 


Jacobs has been engaged in the design of tunnels for many years. During that time, it has nat- 
urally automated parts of the design process, through the continual development of design 
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calculation applications. Often generated in packages such as Microsoft Excel, they include 
the core design processes that are required to produce good quality tunnel design. However, 
in applying design in the context of a complex project, such as a nuclear new build, it has been 
recognised that challenging the existing ways that we work and striving for more innovative 
connected solutions will yield benefits for all stakeholders. 

Within the ground engineering discipline at Jacobs, a Geo-Digital team of engineers and 
developers are working on these very solutions. TunLIN is part of the Geo-Digital toolbox 
and has been developed to automate the design of tunnel linings. Whether those be segmental 
linings or in-situ linings, circular or otherwise; the tool can use either closed-form solution or 
automatically generate FE models in SAP2000 or Plaxis in order to perform their design. 


3 TUNLIN 


3.1 Architecture and workflow 


TunLIN uses a combination of Civil3D, Dynamo, programming in C#, Python and applica- 
tion programming interfaces (APIs), in line with previous automation tools that have been 
developed by Jacobs. 

Autodesk Dynamo within Civil 3D is a visual programming tool chosen for TunLIN and 
other in-house developments as it is accessible to its target audience, i.e. tunnel engineers 
whom don’t necessarily have experience of computer programming. 

The development of the successful tunnel design solution relied on the co-operation and col- 
laboration of several parties. Liaison with Autodesk was important in providing the guidance 
on the functionality of Dynamo. The Dynamo platform is open-source meaning that the code 
is open for everyone to see and it is built on a community that contributes to making it better 
(Autodesk, 2020). It integrates with existing digitised information such as the tunnel alignment 
information and ground surface information when prepared in Civil 3D. Using available 
information with little or no modification is important to ensure that no errors are introduced 
within the workflow or automation due to pre-processing (Boye 2021). Hence if the informa- 
tion is held within a drawing, this will be used in design directly, rather than being redefined 
manually. Other advantages of Dynamo include: 


e It allows the use of visual programming to construct logic routines which makes it easier 
for users without an extensive programming experience to use and to generate automatic 
workflows. 

e It allows interfaces with multiple software (CAD, MathCAD, Excel, SAP2000, PLAXIS, 
other 3rd party tools) and can be integrated with Python and C# programming to allow 
advanced users to develop more powerful bespoke tools. 


The workflow for tunnel design in this paper is linked to an Excel user input file with the 
high-level process shown in Figure 3-1. It is possible to import topographical and alignment 
data directly from Civil 3D, with all other data currently being retrieved from the Excel input 
file. As the tunnel production environment develops it will be possible to retrieve more of this 
data from the BIM model such as ground data and groundwater levels also (Harding 2022). 

A screenshot of the Dynamo environment (graph) is shown in Figure 3-2. This is a visual 
programming interface which involves creating connections that define the flow of data and 
information. The main node “in-situ lining” (lower right-hand side) of the graph links to the 
C# scripts which configure the FE model and or carry out the numerical calculations to deter- 
mine the forces, bending moments and displacements on the tunnel section under consideration. 


3.2 Inputs 


User inputs are defined in an Excel pro-forma. The Excel sheet has multiple tabs for input of par- 
ameter relating to geometry, ground model and geotechnical parameters (Figure 3-3), material 
properties (see Figure 3-4), limit state factors, selection of design code and load combinations etc. 
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Inputs 


Tunnel Cross 
Section Geometry 
and ground level 


Material 
properties, 
Factors and 
Design code 


Actions, 
combinations and 
Factors 


Soil interaction 
and tunnel 
models 


Ground model, 
water table and 
soil properties 


Figure 3-1. TunLIN workflow for automation of FE tunnel cross section design. 


Input Excel File 
Path Configuration File objects 


Figure 3-2. Dynamo graph for tunnel design analysis. 


3.3 Functionality 


TunLIN has been developed to mirror the existing routine design checks for tunnel linings. It 
can perform closed form solutions or generate FE models for segmental tunnel linings or in- 
situ tunnel linings of any shape. 


3.4 Features 


e Moment redistribution for in-situ linings 
e Choice of closed-form analyses 
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Steel Reinforcement Properties 
design Code Eurocode 2 


Eurocode valid for a specified yield strength 
range, fyk=400 to GOOMPa 


characteristic yield strength, t 
tartal Factor tor steel», 


jastic Modulus of Steel, E, 


design Strain limit, | sa 
Recommended value of 1.0 (horizontal top 

branch) unless otherwise specified for project. 
talue of katti h See Annex C of Eurocode 2 
Area of Tension Reinforcement 
distance from Extrados to centroid of 
ension reinforcement 


Partai Factor for concrete. n 

Doefoent tainng account of tong term effects on Ne 
TOMES sive Strength and of untavouradie effects 
“esuTting form Pe way Be load is applied a, 


distance from intrados to centroid of 
Jomp ion reinforcement 

ameter of shear reinforcement 
ipacing of shear reinforcement, Sx 
ipacing of shear reinforcement, Sy 


The value of cc for use in a country should lie 
between 0.8 and 1.0 and may be found in its National 
Annex. The recommended value is 1.0 


[Affects modulus of elasticity used (Limestone -10%, 
Sandstone -30%, Basalt +20% 


Poisson Rado for Concrete 
Ane acuisted modhias of Frasse 17798 MDa 


Figure 3-3. Excel input file - concrete and steel properties. 


Vertical Ground Profiles 
Soil Profile 1 Name ‘Seotion A Precaiculated Ground Pressures 
Level at Base of Strata use Pv (kPa) Ph (kPa) 
Strata Name Una 
Sata Uniti -15.55 i oe] Lae ga, y 
Suata2 Unit a -16.1 j 


Figure 3-4. Excel input file - ground model and soil properties. 


e Choice of elasto-plastic joint hinge models 

e Point loads for in-situ and segmental linings (Mechanical, Electrical & Services) 
¢ External loads for grout pressure/rock (triangular/asymmetric) 

e Rebar, section thickness and rebar cover variation within in-situ lining 

e Internal air pressure, explosion, hydrodynamic loads 

e Seismic loading (inertia and displacement) 


3.5 Structural output 


e Moment-Thrust check for Eurocode, Australian and American codes 

e Moment-Thrust checks for plain and fibre reinforced concrete (to multiple codes) 
¢ Shear-Thrust check for Eurocode, Australian and American codes 

° Shear-Thrust checks for plain and fibre reinforced concrete (to multiple codes) 
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e Crack width checks 

e SLS rebar stress checks 

e Deflections 

e Joint rotations (segmental tunnels) 
e Flotation 


3.6 Verification 


TunLIN can automatically populate MathCAD verifi- 
cation calculations as part of the analyses in order to 
perform QA, producing a modular calculation package 
in a pre-existing format. For example, the critical case 
for the crack width checks was presented in MathCAD 
format showing the formulae used. 

A testing program was implemented in the code to detect 
software bugs and deficiencies at early stages of functional 
implementation by exercising unit tests (Figure 3-5). The 
unit tests are written and triggered to run any time code is 
compiled. This ensured that each version that went out to 
users was verified and encouraged more refactoring of the 
code to make it easy to maintain. A third level of verifica- 
tion was done by an independent user in another office, 
who compared the tool to the manual process. 


Figure 3-5. Unit testing. 


4 EXAMPLE ANALYSES & RESULTS 


TunLIN is demonstrated here in the assessment of a cross section of horse-shoe shaped tunnel 
lining as shown in Figure 4-1(b). Initially the geometry of the tunnel was descretised by running 
a dynamo workflow that allowed a CAD cross-section to be directly imported into the tool and 
divided up into nodes along the centroid of the lining. This workflow is shown in Figure 4-1. 

Subsequently by populating user input file, the main Dymano workflow (Figure 3-2) is run 
and the analyses undertaken. The tunnel cross section from the automatically generated 
SAP2000 model is seen in Figure 4-1. 


Centroid Layers 


Figure 4-1. Geometry and Dynamo; a — Section for modelling; b — SAP2000 generated model; c — 
Dynamo graph for generating SAP2000. 
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In this case, three cases are considered including ground and hydrostatic loading for three 
different tunnel cross section positions along the alignment. The tunnel increases in depth 
below ground surface from Load Case 1 to Load Case 3 as can be seen in the increase in axial 
forces presented in Figure 4-2. The axial force, bending moment and shear force diagrams are 
shown in Figure 4-3 for a single load case. TunLIN generates a result summary that is format- 
ted to give results used in couples analyses, hence maximum bending moment and associated 
axial force, minimum bending moment and etc. Also, displacements and joint rotations are 
summarised where applicable as shown in Figure 4-4. 


Insitu Monolithic_Geometry ULS.f Lining11_500mm 
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— Capacity fed=31.2MPa 
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a 
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5 
* » Load_Case 2 
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1500.0 1500.0 


- -5000.0 — — 
Bending Moment (kNm/m) 


Figure 4-2. Bending moment/Axial force interaction diagram. 


Figure 4-3. SAP2000 diagrams; a - Axial force; b - Bending moment; c - Shear force. 


4.1 Discussion 


TunLIN has been developed by engineers whom acting in the checking role have had to per- 
form review of conventional calculations; calculations that have been revised over time to 
include new elements, but with common parameters re-defined in separate locations. Consist- 
ently checking engineers would find the same errors repeated through calculation sections. 
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Max Moment Max Axial Force Min Axial Force 


Loadcase Max Axial Shear Frame Property Bending Max Axial Shear Frame Property Bending Min Axial Shear Frame Property Max Max Joint 
Bending Forceat Forceat atMmax Moment Force, Force at atNmax Moment Force, Force at at Nmin Dispice Rotation 
Moment, Mmax Mmax atNmax Nmax Nmax atNmin Nmin Nmin ment (Degree) 
Mmax (kN/m) (kN/m) (kNm/m) (kN/m) {kN/m} {kNm/m) (kN/m) (kN/m) {mm) 


(kNm/m) 


Monolithic_Geometry 


Load Case 1 533 314 Lining10_672mm at 2 Uining2_360mm 5a 4 Lining1 1 500mm o 
Monolithic_Geometry 
Load Case_2 796 475 Liningl0_673mm 61 2 Uning2_360mm a6 5 Liningt1_500mm ò 
Maonolithic_Geormetry 
Load Case 3 1028 723 Lining 1_S00mm 100) 3 Uning2_360mn 113 5 Lining1t_S00mm o 


Figure 4-4. TunLIN result summary. 


Similarly, in preparing FE models, which can be setup in different ways by different engineers 
to perform the same task, using springs or links interchangeably for example, applying loads 
to nodes or frames. Hence, a consistent and more autonomous approach to modelling and 
design was sought. 

There are two threads to the deployment of TunLIN. The first thread is that of developing and 
testing the automation tool; using it alongside and in place of existing design tools, essentially 
using the existing design architecture to perform the same tasks but in a more efficient, reliable 
and standardised way. The cost of developing new tools for the business is justified principally on 
the assumption that the tool will improve productivity. The initial tool development is based on 
the 80/20 rule, where at the outset, the intension is not to automate 100% of the solution, rather 
to deliver 80% of this with 20% of the effort. Adopting this approach minimises the development 
time required to create the tools and is effective in immediately highlighting the areas of design 
which require more bespoke input (Harding 2022). 

The second thread, and the desired ultimate destination, is to have an incorporated design 
as part of a common data environment (CDE). This reinvents the traditional design architec- 
ture of more silod working and integrates the design into the overall project framework. The 
potential to get more out of automation than simply re-producing a previous philosophy is 
made possible by using Building Information Management (BIM) methods as highlighted by 
Kontothanasis et al (2019) as discussed by Harding (2022). 


5 CONCLUSION 


To enable us to handle a very high number of design cases and allow an extensive sensitivity 
study whilst standardising design using a common source of data and maintaining the highest 
standards of design assurance required of a nuclear project, design automation was necessi- 
tated. The in-house development of TunLIN using the visual programming tool Dynamo has 
enabled a suite of computational modules to fulfil this objective and be accessible to the 
design engineer. 
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ABSTRACT: Advanced robotic systems involving unmanned aerial vehicles (UAVs) and 
unmanned ground vehicles (UGVs) have shown advantages in detecting damaged infrastruc- 
tures, such as bridges, buildings, and nuclear power plants. Due to their ability to leverage 
varied vantage points, a robot team of heterogeneous UAVs and UGVs could collect full 
space information of the structure with wider coverages and higher robustness compared with 
that from each robotic platform alone. However, critical issues still exist when applying the 
UAV-UGYV inspection system in the tunnel environment. One major problem is that the lack 
of light and GPS signals may lead to a higher probability of UAV collisions. Another problem 
is that the road surface in the tunnel is generally uneven with many obstacles and puddles, 
which could hinder the travel of traditional wheeled or tracked UGVs. To address the above 
issues, a novel collaborative robotic system was proposed that consists of a quadruped robot 
with strong obstacle-striding abilities and a collision-resilient UAV. In the proposed inspec- 
tion framework, the quadruped robot follows a pre-planned path and scans the tunnel lining 
with the vision sensor. Based on the scanning results, the UAV equipped with a protective 
cage would be launched from the helipad of the quadruped robot to perform a closer inspec- 
tion. To correct its flight trajectory and protect the UAV, a GPS-free self-localization algo- 
rithm is constructed based on the data from the onboard computer, camera, and inertial 
measurement unit (IMU). Finally, to ensure that the tiny defects can be detected efficiently, 
a multi-scale feature fusion segmentation network with the attention mechanism was applied 
to images taken by the UAV. The performance of the system is validated against a field test, 
which demonstrates the feasibility of developing and deploying a collaborative inspection 
system using quadruped and flying robots for tunnel inspection. 


Keywords: Tunnel Inspection, UAV UGV Collaboration, Deep Learning, Quadruped 
Robot, Defect Segmentation 


1 INSTRUCTION 


Tunnel inspection is a necessary task for analyzing tunnel safety status and making mainten- 
ance plans. The selection of technology and method for inspection has a direct effect on the 
accuracy of a tunnel’s safety assessment as well as its maintenance workload, cost, and cycles 
(Menendez et al., 2018). 

During their service, tunnels would progressively deteriorate due to aging, environmental 
factors, increased loading, use change, damage caused by human or natural factors, and poor 


DOI: 10.1201/9781003348030-289 


2406 


maintenance. In general, cracks in the tunnel are the most prevalent type of damage, usually 
evolving from small to large, and may eventually result in local or global collapse of the struc- 
ture (Dang et al., 2022). The current on-site visual inspection of tunnels relies on the practical 
experience and professional knowledge of the inspector, which is also time-consuming and 
inefficient (Liao et al., 2022). Moreover, inspecting large-scale tunnels is challenging due to 
the high physical demands and harsh working environments. Unfortunately, several incidents 
related to the structural condition of tunnels have taken place, such as the Big Dig ceiling col- 
lapse in 2006 in Boston or the Sasago Tunnel collapse in 2012 in Tokyo (Montero et al., 
2015). These accidents highlighted the need for automated, efficient, and reliable techniques 
for tunnel inspection to ensure the safety of tunnel structures. 

Automated inspection systems and robotics are known to have the potential to revolution- 
ize the traditional inspection industry by addressing labor-intensive challenges while improv- 
ing the quality of the inspection results (Attard et al., 2018). In the past few years, on-site 
guide-rail inspection systems have received significant attention for tunnel inspection (Huang 
et al., 2021). Besides, mobile tunnel inspection vehicles are also becoming popular these years 
(Wang et al., 2022). However, those semi-automatic tunnel inspection methods involve expen- 
sive equipment and require professional engineers to operate and monitor the inspection pro- 
cess. Meanwhile, the sophisticated equipment was customized for certain environments (i.e., 
the highway tunnel or the railway tunnel), which cannot be used directly in other scenarios 
such as during the construction of the tunnel without the guide rails. Hence, it is necessary to 
develop a more flexible and cost-efficient device for tunnel inspection. In recent years, using 
commercially available UAVs for inspection has received enormous attention due to their 
flexibility and mobility (Bendris and Cayero Becerra, 2022). In practice, UAV systems often 
maximize locomotive flexibility at the expense of stability and inspection payload capacity. 
This payload limitation is driven primarily by the limited battery life of UAVs, most of which 
cannot operate continuously for more than 30 minutes. To address this limitation, the major- 
ity of UAV research programs use remotely operated ground vehicles, eschewing autonomy 
for human control and navigation while increasing the flight range. Coordinated operations 
between UGVs and UAVs can create highly beneficial synergies, such as extended endurance 
and enhanced vision during inspection (Asadi et al., 2020). The complementary skills provided 
by each vehicle overcome the specific limitations of the other. Specifically, UAVs offer 
a broad field of view and rapid coverage of inspection areas, which is ideal for mapping and 
monitoring tasks. However, they are constrained by their low payload (generally hundreds of 
grams) and short operational time (less than 30 mins). On the other hand, UGVs can carry 
substantial payloads (5-10 kilograms) and operate for extended periods (a few hours). UGVs 
offer high-resolution sensing but with a smaller field of view and lower coverage speed com- 
pared to UAVs. They are also more susceptible to obstacles, occlusions, and other sensing 
limitations. Therefore, a collaborative UAV-UGV team can produce better coverage and 
fewer uncertainties in measurements (Cantieri et al., 2020). In fact, over the past 15 years, 
studies have focused on creating multi-robot systems to combine UGV’s and UAV’s advan- 
tages for applications in many fields (e.g., military and surveillance), and some experiments 
have demonstrated the potential for synergetic collaboration between UAV and UGV in con- 
ducting surveillance tasks (Kaliszewski et al., 2021). To the best of the authors’ knowledge, 
only a few studies have been conducted to explore the feasibility of the UAV/UGV systems 
for civil structural inspections (Asadi et al., 2020), and none of them is designed for tunnel 
environments. Two critical issues still exist when applying the traditional UAV-UGV inspec- 
tion system in the tunnel environment. One major problem is that the lack of light and GPS 
signals may lead to a higher probability of UAV collisions. Another problem is that the road 
surface in the tunnel is generally uneven with many obstacles and puddles, which could hinder 
the traditional wheeled or tracked UGVs. 

To address the above issues, a novel collaborative robotic system consisting of a quadruped 
robot with strong obstacle-striding abilities and a collision-resilient UAV was proposed. The 
quadruped robot follows a pre-planned path in the proposed inspection framework and scans 
the tunnel lining with the vision sensor. Based on the scanning results, the UAV equipped 
with a protective cage would be launched from the helipad on the quadruped robot to perform 
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a closer inspection. To correct its flight trajectory and protect the UAV, a GPS-free self- 
localization algorithm is constructed based on the data from the onboard computer, camera, 
and inertial measurement unit (IMU). Finally, to ensure that the tiny defects can be detected 
efficiently, a multi-scale feature fusion segmentation network with the attention mechanism 
was also developed and applied to the images collected by the UAV. The performance of the 
system was validated by a field test, which demonstrated the feasibility of developing and 
deploying a collaborative inspection system consisting of quadruped and flying robots for 
tunnel inspection in the future. 


2 HARDWARE DESCRIPTION 


The proposed collaborative system consists of two custom-built autonomous platforms, 
a quadruped robot (QR) and an unmanned aerial vehicle (UAV), as shown in Figure 1. As the 
carrier of the UAV, the QR will carry the UAV to travel in the tunnel. When the QR finds an 
area where there may be cracks through the patch-based CNN, the UAV will receive instruc- 
tions and take off, approaching the target area for up-close crack segmentation. For the QR, 
a stereo camera was used on top for localization, autonomous navigation, and environmental 
mapping. A wide-angle camera is mounted on top of the QR for crack tracking and localiza- 
tion in a panoramic view. The UAV uses a monocular camera in integration with an IMU 
sensor for localization purposes. All modules run as individual nodes in the ROS ecosystem 
and use ROS Topics and Messages to exchange information. 


EZVIZ 360° Camera UAV Platform - Anticollision Cage DJI Tello 


NN 


[bha UniTree GOL 


UAV/Quadruped Robot 
Collaborative System 


Figure 1. The hardware composition of the proposed collaborative system and the function of each 
component. 


2.1 UAV 


The DJI Tello EDU drone, a very easy-to-use quadrotor drone, was selected for this study. It 
is a lightweight (92g with protective casing) and small (170 x 170 x 100 mm) quadcopter, pre- 
sented on the right side of Figure 1. The drone is equipped with the following sensors: IMU, 
barometer, downward vision sensor, ToF (Time of Flight) distance sensor, and a 5 Mpix FPV 
(First Person View) camera. It comes with a 720p HD transmission camera for taking pictures 
and streaming. The camera type is global-shutter where it records the whole frame on each 
iteration instead of scanning rows of pixels, leading to loss of precision, as seen in rolling- 
shutter models. It doesn’t have a GPS, so it uses the frontal camera and a distance sensor 
underneath for a stabilized flight. Both are essential components for its collision avoidance 
system since it doesn’t have an approximation sensor on every side. Considering the increased 
risk of collision due to the possible lack of light in the tunnel environment, a spherical 
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protective cage was custom-made outside the drone so that it would not crash due to blade 
damage in the event of a minor collision. 

A significant advantage of Tello DJI is its SDK, which allows the development of different 
applications without needing a communication interface such as ROS (Miranda et al., 2022). 
The SDK is written in Python and enables remote control by having a computer or smart- 
phone as a transmission source. 


2.2 UGV 


The quadruped robot (Gol robot dog of Unitree) was selected as the UGV platform due to its 
strong obstacle avoidance ability and decent endurance. The left side of Figure 1 shows the 
overall hardware configuration of the robot dog, and the device parameters are as follows, 
weight = 12 kg, size(folded): 0.588 x 0.22 x 0.29m, maximum load capacity: 5 kg, maximum 
speed: 3.3 m/s, endurance: 1 to 1.5 h. An inertial measurement unit (IMU) sensor and Velo- 
dyne VLP-16 are mounted on the Gol; the robot dog provides power for the sensors. Since 
vision and radar sensors are installed on the left and right sides, abdomen, and head, GO1 can 
perceive obstacles up to 2m away and automatically avoid obstacles. With the equipment of 
mechanical sensors on the feet, it can automatically avoid obstacles and smoothly pass uneven 
roads (+ 5 cm), and the maximum climbing angle is about 22 degrees. The software develop- 
ment kit provided by Unitree, drivers for perceptual instruments, and customized teleoper- 
ation code were installed on the onboard computer (NVIDIA Jetson TX2). Main computer 
and the onboard computer communicated via Secure Shell (SSH) using the robot’s internal 
Wireless Access Point (WAP). By manipulating the onboard computer through SSH, control, 
scan, and data transmission became possible remotely. 

The robot dog’s maximum pitch and roll angle were 20 degrees, respectively, and the max- 
imum yaw angle was 28 degrees. Since the relative position of the tunnel crack and the robot 
dog’s field of view was limited when collecting data, a visible light camera that can rotate freely 
in both the horizontal and vertical directions was added to the head of the robot dog to capture 
4K images without dead angles in the tunnel. Data were continuously acquired by wandering 
around the structure. The robot dog moved in the tunnel at speeds ranging from 1 m/s to 2 m/s. 


r 
a 3. Up-close inspection 


a. 2. UAV Launch 


Panoramic View'shat 


Figure 2. Workflow of the proposed equipment for conducting tunnel inspection. 
3 INSPECTION METHODOLOGY 


3.1 Overall workflow 


Figure 2 illustrates the workflow of the multi-robot system when conducting tunnel inspection. 
First, the quadruped robot will carry the drone to walk in the tunnel and scan the inner wall 
with a panoramic view through the high-definition camera installed on the top. When it finds 
an area with possible cracks, the drone will receive the signal and fly to the suspicious area per- 
forming an up-close inspection. The specific implementation method is described below. 
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3.2 Global image acquisition and crack localization with the quadruped robot 


The high-definition panoramic camera mounted on the quadruped robot is used to quickly find 
and locate crack areas in the tunnel. To achieve this goal, a patch-based CNN network is pro- 
posed to process the 4K panoramic view images collected from the top of the quadruped robot 
in real time. The architecture of the network is shown in Figure 3. The 4K panoramic image is 
divided into a sequence of patches. The backbone of the classification architecture was designed 
based on the MobileNetV3 (Howard et al., 2019). Specifically, SEBlock in the original Mobile- 
NetV3 was replaced by CBAM Block (Chu et al., 2022), to better extract the branches of tiny 
cracks from both the spatial dimension and channel dimension. The platform-aware NAS for 
the block-wise search approach is used to find the global crack structures, and then NetAdapt 
(Yang et al., 2018) for the layer-wise search approach is used to fine-tune crack branches from 
each layer in a sequential manner. This model also uses the h-swish activation function that 
modifies the sigmoid of the swish function to improve accuracy. 


Nyame of Pauses Sagaene of Maks 


Figure 3. An illustration of the proposed patch-based crack classification architecture. 


Crack Image 


Figure 4. An illustration of the “TCN” architecture for up-close crack image segmentation. 


3.3 Detailed inspection of cracks with the UAV 


To obtain more specific information about the cracks inside the tunnel, the UAV will perform 
fine detection on the crack patches in sequence after the location information of the cracks 
inside the tunnel is quickly obtained in the previous step. Limited by the battery life of the 
UAV, it is necessary to optimize the segmentation algorithm with both efficiency and accur- 
acy. Meanwhile, during the long flight of the UAV, some tiny cracks could be missed. There- 
fore, the “TCN” architecture developed by the authors was adopted and deployed in the 
UAV (Chu et al., 2022). As shown in Figure 4, “TCN” is an encoder-decoder architecture 
with feature fusion and attention mechanisms. The improved residual network was used in the 
“TCN” to capture the local features of tiny cracks. The dual attention module was then 
incorporated into the architecture, allowing a more precise separation of tiny cracks from the 
surroundings. Additionally, a multi-scale fusion process was proposed to preserve the details 
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of tiny cracks’ edges. Finally, a joint learning loss of the cross-entropy and similarity is pro- 
posed to alleviate the poor convergence induced by the severe class imbalance of tiny crack 
images. The effectiveness of the “TCN” in tiny crack segmentation has been proved in engin- 
eering practice. And more details can be found in the reference (Chu et al., 2022). 


4 EXPERIMENT AND RESULTS 


4.1 Lab experiment 


The DL-based recognition algorithms need to be debugged and deployed on the hardware 
devices before the field test in the tunnel environment. These processes were conducted using 
a workstation (Intel 17 processor with 2.20 GHz, 16 GB RAM, and Nvidia GPU GeForce(R) 
RTX 3060 with 12 GB). 


4.1.1 Implementation details 
Datasets (Patch-based classification & Segmentation): Recognition algorithms deployed on the 
quadruped robot and the UAV require specialized datasets for training. For the patch-based 
crack classifier deployed on the quadruped robot, SDNET2018 was adopted to obtain a well- 
trained model (Dorafshan et al., 2018). SDNET2018 is an annotated crack image dataset for train- 
ing DL-based crack classifiers. It contains over 56,000 images (size: 256 x 256 x 3) of cracked and 
non-cracked concrete bridge decks, walls, and pavements. The dataset includes cracks as narrow 
as 0.06 mm and as wide as 25 mm. The dataset also contains images with various obstructions, 
including shadows, surface roughness, scaling, edges, holes, and background debris, which can 
guarantee the robustness of the well-trained classifier. 80% of the images are used for training and 
the remaining 20% for validation. For the “TCN” model deployed on the UAV, the training data- 
set remains the same as that in the original paper. Cracktree-200 and CFD were selected, and 
more detailed information on these two datasets can be found in the literature (Zou et al., 2012). 
Fine-tune: It is highlighted that the goal of training a network is to enhance its ability to 
generalize when fed with diverse data. To preserve the TCN’s ability to capture tiny cracks 
and the adaptability to the changes in data distribution, texture, and the illumination of the 
tunnel environment, the well-trained model was fine-tuned with a small number of on-site 
images (45 cropped crack images with the resolution of 500 x 500). It should also be noted 
that the pre-trained weights of the backbone are fixed and not updated during the fine-tuning 
process. With a lower learning rate of 0.0001, the fine-tuned TCN converged after 200 epochs. 


4.2 Filed experiment 


This section presents the field test conducted in a tunnel located in Changsha city, Hunan 
province. The purpose of the field test is to verify the feasibility of the proposed collaborative 
system mainly from three aspects: (1) the robustness of the system in terms of mobility cap- 
abilities; (2) the robustness of the system in terms of tunnel crack inspection; (3) finding out 
some potential logistic issues for the optimization of the system. 


4.2.1 Implementation details 

Testing on Mobility Capabilities: A small-scale experimental procedure was devised to assess 
the mobility capabilities of the presented robotic system in the tunnel environment. Specific- 
ally, the robot was carried to the right line of the tunnel. As shown in Figure 2, two operators 
were accompanying. One was responsible for the operation of the robot dog, and the other 
was responsible for observing the environment and controlling the flight of the drone. The 
mobility capabilities of the collaborative equipment were tested within a range of 20 m from 
the starting point. The test area covers some common obstacles (e.g., stones, slopes, and pot- 
holes) that may be encountered in the tunnel environment, and the field conditions are shown 
in Figure 5. We were particularly interested in checking whether the presence of such obstacles 
would hamper the movement of the robot dog. 
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Testing on Inspection Capabilities: The testing was also conducted in the same experimental 
area, and the flight path of the UAV was marked with the green line, as shown in Figure 2. 
Specifically, an operator will control the quadruped robot to move along the red line. The 
camera mounted on the top of the robot will scan the inner wall of the tunnel in the pano- 
ramic field of view and use the embedded classifier to detect the crack area. Then, the second 
operator controlled the UAV take-off to approach the crack area to perform fine segmenta- 
tion in an orderly manner. It should be noted that during the whole process of the inspection 
task, the camera on the robot dog’s head was perpendicular to the inner wall of the tunnel, 
and the field of view was about 4 m Xx 3 m. Within the 50 m-long experimental areas, the 
quadruped robot collected ten sets of 4K resolution images, and the drone collected a total of 
50 images with a resolution of 720P. To evaluate detection performance, all those captured 
images were brought back to the lab for manual annotation. 


(b) 


Figure 5. Illustration of the testing process of the proposed collaborative robotic system, snapshots of 
the robot walking over a random discrete terrain made of bricks and soils. 


4.2.2 Results 

The mobility capabilities of the robot have been confirmed through the field test. Figure 6 
illustrates the inspection path of the robot drawn by the IMU signal embedded in the main- 
board of the quadruped robot. Within the 20-meter-long experimental area, the quadruped 
robot walked a total of about 1000 steps with a step distance of 20 cm, and there was no fall 
or trapping caused by the aforementioned obstacles during the process. Figure 5 shows some 
of the moments when the obstacle was successfully overcome. In addition, some inspection 
results are also visualized on the right side of Figure 6. It can be seen that the proposed system 
has high robustness to both the panoramic crack image classification and refined crack seg- 
mentation. It is worth noting that since both quadruped robots and drones have dual-mode 
localization capabilities (vision and IMU), all captured images have location information that 
can help workers quickly and accurately achieve damage when performing repair positioning. 
In all runs, the crack classifier had a 96.5% true positive rate, and the crack segmentation 
model got an accuracy of over 93.6%. 


Figure 6. The inspection path and the visualization of some predictions. 
5 CONCLUSION AND FUTURE WORK 


In this work, a novel collaborative system composed of a quadruped robot and a UAV was 
proposed for semi-automated crack inspection in the tunnel environment. The image 
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classification algorithm and the crack segmentation algorithm were developed to process the 
panoramic images taken by the robot dog and local-scene images taken by the UAV, respect- 
ively. We demonstrated the feasibility and functionality of such a system in controlled lab 
experiments and field testing. Using the collaborative robotic system, safety managers can 
effectively monitor the distribution of cracks inside the tunnel environment and make tunnel 
safety assessment more reliable. Future research efforts can be focused on multi-modal sensors 
and developing fully automatic programs, such as autonomous cruise, 3D structure modeling 
of tunnels, and autonomous path planning of UAVs, which will provide an autonomous and 
reliable solution for tunnel inspection and maintenance. 
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ABSTRACT: Since November 2021, Acciona has been testing the SPOT quadruped robot 
(Boston Dynamics’ Spot) in the underground mining site in Chile, with the main goal of redu- 
cing risks for human personnel while increasing process control and productivity. The follow- 
ing tasks are currently being performed by the robot: high precision scanning for section 
control, high precision scanning after applying shotcrete to perform quality control by meas- 
uring the thickness, thermal monitoring of the shotcrete to estimate setting level and early 
mechanical resistance, image acquisition of the tunnel face that allows generating a geologic 
report and robotic exploration of the tunnel after blasting, to identify misfired explosives. 

Acciona’s Robotics & Automation team has implemented several sensors over the robotic plat- 
form Spot: Leica’s RTC360 scanner, Leica’s BLK360 scanner and Teledyna’s GXM320 thermal 
camera. Thanks to this integration, the robot can execute scans and taking thermal images. 
Together with the environment sensing, obstacle detection and autonomous capabilities of the 
robot, Spot can navigate autonomously through the mine, collecting data and generating auto- 
matic reports. 

The Robot has demonstrated the ability to move through the aggressive environment of 
a mine with unstable rocks, water and mud, without many problems. Areas with low illumin- 
ation have been no issue thanks to the LIDAR system incorporated on the robot. Also, the 
navigation and autonomy systems have been able to work in these circumstances, performing 
well despite the differences in the environment for each location. 

This paper covers the design of the activities to be performed by the autonomous system, 
the system and the integration of its payloads and the results of the integration of this plat- 
form into a mining construction site. 


1 INTRODUCTION 


1.1 Mining 


The mining activity is one of the oldest activities that have been in continuous growth since the 
beginning of it. This is due to the intrinsic need of metals for everyone and the fact that mining 
is the only way to get minerals such as copper of iron, so much needed in everyone’s life. 

Mining in general and underground mining in particular is an inherently dangerous activity, 
including fatal risks like fire, explosives, rockslide or heavy machinery moving tons of material 
in confined spaces. Also, the increasing costs of ore extractions, due to the age of this mines 
and the height of these open pit mines, have made the mining industry to start looking into 
underground mining as the future. This entitles a set of risks and technological challenges for 
these very large exploitations that are set to be one of the main stages for robotics in the fol- 
lowing decades. 
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1.2 SPOT robotic platform 


All the risks mentioned above, together with the increasing need of mining products and the 
fact that the costs associated with this activity have had a steady rise, represent a great oppor- 
tunity for robotics. But it is not an easy task, challenging terrain, GPS-denial and non- 
repeatability makes automation very difficult. 

Boston Dynamics’ SPOT is a quadruped robot that represents the most versatile multipur- 
pose robotic platforms of our time. Its legs give it terrain independency in opposition to its 
wheeled competitors while keeping a fair amount of battery that gives it the upper hand 
against drones. 


Figure 1. SPOT robot in an open pit mining site in Chile. 


Robotics is a technology dependent on the environment it develops its activity, the following 
table, shows a comparison among the different types of mobile robots available as of today: 


Table 1. Comparison of wheeled robots, legged robots and aerial drones. 


Type Wheeled Legged Drone 

Accessibility Flat and mildly rough and All human accessible terrain, all All altitudes, limited 
compact terrain weather by weather 

Mobility High speed, fixed footprint, Omni-directional, adjustable High speed and reach, 
limited by turning radius footprint for confined spaces flight zones only 

Payload >10 kg =15kg <lkg 

Operation Hours Hours Minutes 

Time 

Environment High ground traction forces Low impact & collision-free Noise and air 

impact obstacle negotiation turbulences 

Deployment Miulti-person handling due to Two person handling One person handling 
high weight 

Safety Stationary in case of failure Controlled collapse & self- Requires controlled 

recovery landing 


Legged robots come as the solution to the terrain-dependency of wheeled robots and the 
limited battery time and low payload drawbacks of drones. Hence, it is the enabling technol- 
ogy needed to roll out robotic deployments for industry such as mining or construction. 
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2 OBJECTIVES OF THE ROBOTIC SYSTEM 


2.1 Main objective 


The main drivers for the project are risk reduction and quality control, becoming a more effi- 
cient way of doing these tasks that otherwise are not possible. 


2.2 OIl: Exploration after blasting 


Currently, after the blasting and the ventilation to eliminate explosive gases and dust, it is the 
foreman the one who inspect the front to verify that all the explosives have blasted correctly. 

With this system, we swap the foreman with the SPOT robot equipped with the SPOTCam, 
being this the one who makes the approach to the front, taking the images and point cloud 
scans and coming back autonomously to the safe zone and deliver the data. 


1. Blasting 2. Autonomous route L- _3. Inspection of front | 


Figure 2. Inspection of front to verify unblasted explosives. 


Blasting is one of the most dangerous activities that still have many manual steps in the 
process, hence, prone to human error. Here is a summary of the risks and the mitigations 
brought by the robotic platform: 


Table 2. List of risks related to the inspection of the front after blasting. 


Risk Description Risk estimation Mitigation 
Blasting of Uncontrolled blasting while Probability: low The foreman stays in the safe 
unblasted the foreman is in the area of Consequences: area while the robot performs 
explosives the blasting highly harmful the inspection 
Respiratory Risk of inhaling toxic gases Probability: Medium The robot resists presence of 
generated from the explosion Consequences: gases and low oxygen 
harmful 
Fall Risk of falling due to uneven Probability: High The robot is capable of avoid 
terrain and low illumination Consequences: lowly obstacles thanks to its LIDAR 
harmful sensor 


2.3 02: Excavation section control (pre-shotcrete) and geological report 


The topographic measurements of the excavation front are currently performed with a total 
station, that means that taking roughly an hour, 10 to 15 points are taken one by one to draw 
and verify the current section. Hence, it is not possible to perform this task for all the active 
excavation fronts of the mine because that would delay the mining cycle so this is a task that 
is performed on demand. 

Moreover, as the front is not fortified yet, this task is performed after the application of the 
shotcrete. For this use case, SPOT is equipped with a high-density scanner (3 Million points in 
3 minutes) and can perform this task after the debris extraction. 

Also, the geological report is performed by taking a defined sequence of pictures with deter- 
mined positions relative to the front. Due to the number of active fronts, it is not possible to 
perform this task after each blasting. Also, the robot is capable of computing a processed 
report of these image and deliver it to the geology team. 


2416 


1. Material extraction 


2. Section scanning | . Image acquisition for report 


Figure 3. Section control and geological report process. 


Table 3. List of risks related to section control and the geological report. 


Risk Description Risk estimation Mitigation 
Rockslide As the last meters of the section of Probability: low The task is performed without 
the tunnel are not fortified, there is | Consequences: the need of personnel 
risk of rocks falling highly harmful approaching the front 
Heavy Risk of being run over by a moving Probability: Medium SPOT performs the task with- 
machinery heavy machine Consequences: out the need of personnel 
highly harmful 


2.4 03: Quality control through shotcrete thickness estimation 


Shotcrete application represent one of the highest costs in the construction of tunnels by con- 
ventional methods. It is also a critical process for the quality of the construction of the tunnel. 
Currently, it is not possible to estimate the thickness of the shotcrete neither its distribution, 
being the quantity of spent shotcrete, the only measurement. 
By performing a scan before the shotcrete and comparing it to another scan after the shotcrete, 
we perform an additional quality control enabling the optimization of the shotcrete application. 


1. Shotcrete application 2. Post-shotcrete scan 


Figure 4. Quality control after shotcrete with thickness estimation. 


Table 4. List of risks related to post-shotcrete scans and thickness estimation. 


Risk Description Risk estimation Mitigation 
Rockslide As the shotcrete has not set yet, Probability: low The task is performed without the 
there is a chance of rocks falling Consequences: need of personnel approaching the 
highly harmful front 
Heavy Risk of being run over by Probability: SPOT performs the task without the 
machinery a moving heavy machine Medium need of personnel 
Consequences: 
highly harmful 


2.5 04: Thermal report and early mechanical resistance of the concrete 


Currently, the quality control team performs in-situ mechanical resistance tests by two means: 
measuring it with a concrete penetrometer and by inserting concrete nails and measuring the 
applied pressure. The problem with these two techniques is that the penetrometer gives useful 
measurements until the 2.2 MPa and the nails can only give useful resistance measurements 
after the 9.4 MPa, leaving an unmeasurable zone in between these two resistance values. 
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This unmeasurable zone is particularly important to the construction process because there 
lays the minimum resistance for the section to be considered safe so workers can go below. 


Created Time: Thu Nov 18 22:00:41 2021 | Image File:pano.jpg 


Surface Material: Concrete Emissivity: 0.85 Avg Temp.:39 


Figure 5. Example of thermal imagery of the concrete setting. 


The relation between temperature and mechanical resistance has been attained by perform- 
ing thermal measurements, penetrometer measurements and high resistance measurements in 
109 different shotcrete testing panels obtained at the moment of the shotcrete application. 

The objective of this process is to take consecutive measurements with the thermal camera 
and fit the data points to the setting curve obtained empirically to estimate the time needed to 
obtain the minimum resistance for workers to go below. 

The following figures shows the data of the 109 experiments performed in order to achieve 
the setting curve that is input into spot to estimate the time needed to achieve the minimum 
resistance. The vertical axis shows the compaction resistance and the horizontal axis shows 
the age of the test. 
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Figure 6. Result of thermal and resistance in-situ experiments of applied shotcrete. 
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2.6 O35: Autonomous scan of complete tunnel 


Another benefit of task automation with mobile robots is the possibility of making the tasks 
autonomous. Thanks to the reliability of the navigation system of SPOT, the robot can repeat 
a task such as the scanning of a long section of the tunnel on its own, once the autonomous 
route has been programmed into the robot. 

In mining, we use these autonomous scans to check that the section variations of the com- 
pleted areas are within tolerance. 


Figure 7. Visualization of a complete scan of 250 meters of tunnel. 


3 DESCRIPTION OF THE SYSTEM 


3.1 Sensor configuration 


In order to perform the task, several sensors have been integrated into the platforms, achiev- 
ing two main configurations depending on the task in which we swap the rear scanner with 
the thermal camera. In the following figures we show these configurations: 


RTC360 


Figure 8. First sensor configuration. 
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GXM320 Thermal Camera 

* Resolution 320x240 

* HFOV40" xVFOV 29" (4mx 3m aprox. area) 

* Adjustable range 

© Body pose stitching 

* Resolution of 0,05°C to detect minimal termal 
differences 


Figure 9. Second sensor configuration and example of a single thermal image. 


4 RESULTS 


4.1 Integration tests prior to deployment 


ACCIONA’s approach to robotic deployments follow three stages that each tries to answer 
a question needed for demonstrating that a robotic system can perform the needed tasks. 
These set of tests are: mobility tests, application tests and autonomy tests 


4.2 Mobility tests: Can the robot move through the target environment? 


For these tests, we selected three representative scenarios and checked several times that the 
robot could walk through them 


Table 5. List of mobility tests. 


Scenario Description Performance 

Tunnel Dusty dry irregular environment Perfect 

jobsite 

Tunnel Presence of small debris and water up to Good but need to define a narrow path to avoid 
front 20 cm due to heavy machinery rinsing central area where more water is present 

Debris Dusty dry irregular environment with Difficulties with rocks bigger than 30 cm, but 
from presence of rocks of up to 40 cm successful to attain the desired position 

blasting 


4.3 Application tests: Can the robot perform the task? 


For these tests, we operate the robot semi-autonomously, sending it tasks to perform but 
accompanying it. 
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Task Description Performance and notes 


High preci- Perform a scan with the RTC360 Perfect 


sion scan laser scanner and record it in its 
computer 
Shotcrete Compare two point-clouds and esti- Perfect with the RTC360 
thickness mate the difference between them 
estimation 
Mid precision Perform a scan with the BLK360 Good but these scans could not be referenced pre- 
scan and record it is its computer cisely by the topography team 
Thermal Take 4 thermal image of the front, Good but due to the low position, the range in 
image stitch them together and generate which these can be perform is 5 to 6 meters from 
a report the front 


4.4 Autonomy tests: Can the robot perform the task autonomously? 


For these tests, we program an autonomous routine into the robot and let it perform it 
autonomously. 


Task Description Performance and notes 
Autonomous Perform several scans with the RTC360 laser Perfect. Tested for 400 meters of 
scan scanner every 50 meters and record it in its tunnel 

computer 
Inspection of Explore the tunnel, trying to reach 10 meters Difficulties attaining the desired dis- 
unblasted from the front, take images and come back to tance and not clear images due to the 
explosives the safe area low height of the robot and the pres- 


ence of big rocks 


5 CONCLUSIONS AND FUTURE WORK 


5.1 Conclusions of the integration tests 


The integration tests and the data acquisition have been a success, although the integration of 
this data in the current data management methodology is one of the following challenges in 
the near future of the project. 

We have verified a massive reduction in risks to workers, as well as a reduction in work 
execution times, significantly increasing performance in the execution of underground works. 


5.2 Towards operational adoption 


The main challenge that lies ahead of platforms like spot it operation adoption, this is the 
adoption of these technologies in the day-to-day work routine and attaining the return of 
investment. The way forward is field tests, there are many hidden costs and particularities that 
need to be solved that can only be found by testing these platforms. 

Particularly for underground construction sites, coordination with the many teams that are 
working simultaneously is important and getting a robot in the construction execution plan- 
ning can be disruptive at first but showing the value and demonstrating its capabilities is key 
to achieve this operational adoption. 
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ABSTRACT: Sprayed concrete in combination with rock bolts is successfully being used for 
permanent rock support in tunnels. The main shortcoming is that sprayed concrete alone is 
unable to function as the permanent waterproofing with strict requirements on a dry interior 
tunnel surface. Final linings with precast or cast-in-place concrete with sheet membrane water- 
proofing represent an excessive structural design in hard rock conditions. The SUPERCON 
research project (Sprayed sUstainable PErmanent Robotized CONcrete) is currently aiming 
to improve the sprayed concrete technology to enable a permanent waterproof tunnel lining, 
based entirely on sprayed concrete. 

Laboratory and full scale spray application testing include innovative mix designs with sig- 
nificantly reduced cement content. The effects of the use of fly ash and limestone powder 
binder replacement, hydration accelerators and high-performance shrinkage reducing agents 
as well as adding of polymer modification to the concrete mix and special steel fibres for the 
distribution of cracks in the hardened concrete were studied. A significant reduction of the 
autogenous shrinkage potential, and a reduction in the water transport (capillary suction and 
permeation) through cracks in the concrete using polymeric modification of the concrete was 
achieved. The use of shrinkage reducing measures in the mix, combined with anti-dryout 
measures on the sprayed concrete surface significantly reduce cracking risk. The research 
results so far indicate the feasibility of a waterproof sprayed concrete without a waterproofing 
membrane. 


1 INTRODUCTION 


Sprayed concrete for has been successfully used for permanent rock support in hard rock for 
several decades in Scandinavia. The final inner lining for waterproofing and aesthetic pur- 
poses has been formed from cast in-place or precast concrete in many cases. Several projects 
have been successfully completed with the lining system based on sprayed concrete and spray 
applied waterproofing membrane in a continuously bonded structure. However, several tech- 
nical challenges related to the construction and application process have yet to be improved, 
to make this method a robust method for tunnel applications. The SUPERCON project aims 
to resolve the shortcomings which currently disqualify sprayed concrete for use as the final 
inner lining. The main material improvements of the concrete are described together with the 
most important findings. 
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1.1 Current practice 


In jointed hard rock, a rock support lining based on a combination of fibre reinforced sprayed 
concrete and fully grouted rock bolts has proved to be a functional and durable technical solu- 
tion for decades. Monitoring of loads in the lining suggest the that loads are mainly local and 
related to instable blocks or rock with poor quality which occurs in only a portion of the 
tunnel contour (Grimstad et al. 2015, Holter, 2015). 

From 2020 the minimum required thickness for sprayed concrete in Norwegian traffic tunnels 
(rail and road) has been 80 mm, while for subsea road tunnels with exposure to saline ground- 
water in a drained design concept with water management based on pre-grouting, the minimum 
required thickness is 100 mm. In zones of weaker or more jointed rock, sprayed concrete thick- 
nesses of up to 250 — 300 mm can be applied. Sprayed concrete linings should provide both 
immediate and permanent ground support. The material properties should provide sufficient 
support in hard rock and weakness zones, and provide long term durability under exposure to 
geomechanical, hydrogeological and geochemical conditions for the design service lifetime of 
the project. Recent research (Holter, 2015) has also demonstrated that the intact sprayed con- 
crete material, when constructed according to strict material requirements (Norwegian Concrete 
Association, 2011), has an extremely low permeability and is literally impermeable from 
a practical perspective. Traffic tunnels in hard rock have traditionally been constructed with 
a permanent rock reinforcement lining and a separate inner water drip and frost protection 
structure. This structure acts as a drainage shield and leads seeping water to the invert, hence 
protecting the carriageway from drips (Broch et al. 2002). To manage the water ingress to the 
tunnel as well as the effects on the groundwater, a pre-grouting program is always part of this 
method. The tunnel structure will be permanently drained, as illustrated in Figure 1. 
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Figure 1. Diagrams of drained tunnel lining systems in a rock tunnel in Scandinavian practice. Left: 


The layout of the lining system (after Broch et al. 2002). Right: The groundwater pressure around 
a completely drained tunnel. 


The tunnel lining system based on sprayed concrete and bonded waterproofing membrane 
has been used more recently for projects in Norway and is illustrated in Figure 2. This lining 
system contains three significant innovations: the bonded membrane and hence the undrained 
waterproofing function of the lining structure, the design as a partially drained tunnel with the 
effect of the increased hydraulic transmissivity of the excavation damaged zone (EDZ), and 
the freeze thaw resistance of continuous structure based on sprayed concrete, without any 
thermally insulating layers. These issues have been addressed in several research projects. The 
drainage effect of the EDZ has been investigated in three different research works (Holter 
2014, Holter 2015, Nilsen 2019 and Aas 2020) within hydrostatic pressures up to approxi- 
mately 0,5 MPa in jointed hard rock. The freeze-thaw resistance was investigated in 
a laboratory and field study for Norwegian railroad tunnels (Holter et al. 2016). The con- 
structability of the lining system based on bonded membrane and sprayed concrete contains 
several challenges which relate to workmanship, quality control, handling of drips and moist 
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Figure 2. Diagrams of a partially drained tunnel with spray-applied bonded membrane, with a detailed 
section of lining with sequence of material layers from the rock surface to the tunnel space. 


conditions, and construction risk. The need for a more robust technical solution with less sen- 
sitive details regarding construction has been a driving factor for developing a waterproof 
sprayed concrete. 


1.2 Layout of technical solution with waterproof sprayed concrete 


The development of a waterproof sprayed concrete lining is based on a layout which uses the 
established rock support practice with rock reinforcement based on sprayed concrete and rock 
bolts. The final waterproofing lining is added as separate bonded applied onto the rock sup- 
port surface. The conceptual layout with waterproof sprayed concrete is a further develop- 
ment of the undrained and waterproof lining with bonded membrane and is illustrated in 
Figure 3. The waterproof sprayed concrete will act as a waterproof but vapor permeable layer 
which is applied on the surface of the rock reinforcement sprayed concrete. The rock 
reinforcement lining is assumed to be designed for all geomechanical loads, and hence to be 
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Figure 3. Principal sketches illustrating the layout and function of a lining structure with waterproof 
sprayed concrete. Left: Lining section with the rock support and waterproofing layer. Right: Detailed 
section of interface between rock support sprayed concrete and the waterproof sprayed concrete. 
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stable. The inner waterproof sprayed concrete will therefore be designed to resist cracking and 
the thickness needs to consider the effects of seasonal moistening and drying out, as well as 
freeze-thaw cycles. The material development process for the waterproof sprayed concrete in 
the SUPERCON research project has addressed shrinkage cracking and functional water- 
proof performance during application as main technical goals. 


2 EXECUTED WORK 


The experimental work was focused on addressing the cracking problem of sprayed concrete: 
a breakdown of the main issues is shown in Table 1. The different sources of shrinkage and 
mitigating these with different measures constituted a main part of the experimental work. 


2.1 Experimental program 


In order to address the performance shortcomings of the existing wet mix sprayed concrete, 
a sequence of main experimental work phases was established. These phases are summarized 
and are shown in Table 2. 


Table 1. Breakdown of the cracking problem, focusing on shrinkage and crack widths and distribution. 
Main issue Material property Mitigating effort 
SHRINKAGE Autogenous and plastic shrinkage Reduced binder content — replacement 
< measured 0.2 — 0.4 mm/m for standard of cement with lime powder or fly ash. 


sprayed concrete SUPERCON goal 
<0.2 mm/m DRYING SHRINKAGE 


Shrinkage reducing agent Avoid 
drying of surface after spraying. 


e 


measured up to 1 mm/m 


CRACKING 


SUPERCON goal <0.4 mm/m Fibre dose and type to achieve strain 
Crack widths 0.2-0.4 mm measured for hardening. EVA polymer modification 
rock support sprayed concrete. Crack for low rate of permeation through 
widths <0.2 mm favourable SUPER- cracks. 

CON goal <0.1 mm Rate of perme- 

ation through cracks reduced. 


Table 2. Main experimental work phases. 


Phase Time Main activity Location Main goal 

1 2019/08-10 Mix design Laboratory* Effect on performance of different constituent 
efforts tests materials. Formulation of innovative mixes 

2 2020/06 Sprayed con- Outdoor Detailed performance of existing standard sprayed 
crete trial 1 site, concrete 

NTNU** 

3 2020/10 Sprayed con- Tunnel Site preparation and full scale underground per- 
crete trial 2 Svorkmo formance of standard existing sprayed concrete 

4 2021/03 Sprayed con- Tunnel First full-scale spraying of innovative mixes 
crete trial 3 Svorkmo 

5 2022/04 Sprayed con- Tunnel Follow-up full-scale spraying tests of innovative 
crete trial 4 Drammen mixes 


* MasterBuilders Solutions laboratory, Germany. Bekaert laboratory, Belgium 
** Outside SINTEF and NTNU concrete laboratories, Norway 
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2.2 Developed mix designs, tested mixes 


The normal cement content for sprayed concrete is in the range of 480 — 505 kg/m?, mostly 
using a CEM II fly ash cement. The reason for such high cement content has been to achieve 
the early strength requirements, including at relatively low temperatures. In view of this 
research there was an obvious potential to reduce the cement content considering a lower 
requirement on the early age strength. 

Mix designs were formulated to verify the effect of the use of the innovative constituent mater- 
ials and were formulated with a different functionality in mind compared to a rock support 
sprayed concrete. Contrary to a rock support sprayed concrete with severe requirements on early 
age strength development, in this case the need for early strength is pure related to the concrete 
not falling of the surface during overhead spray-application. The intention with the mixes 5 and 6 
was to investigate the practical feasibility of significantly reducing the cementitious binder content. 
An overview of the innovative constituent materials with the intended effect on the concrete prop- 
erties is shown in Table 3. The final mixes tested in the final phase 5 are shown in Table 4. 


Table 3. Selected innovative constituent materials included in the development program based on the 
results of the initial laboratory test phase. 


Constituent material Dosage range Intended effect 

Limestone filler 100 — 150 kg/m? Partial pozzolanic replacement of cement, filler for achiev- 
ing necessary matrix volume. Lower carbon footprint 

Fly ash 80- 120 kg/m? Pozzolanic replacement of cement. Lower carbon 
footprint 

Hydration accelerator 1-2.5% * Boost early strength at lower binder content 

Shrinkage reduction agent 0.5- 1% * Significantly reduce shrinkage 

EVA polymer 20 — 25 kg/m? Increased ductility as failure strain in tension 

Steel fibres 3D, 80/30 25 — 40 kg/m? Significantly increased strain hardening 


* dosage in percentage of cement weight 


Table 4. Test mixes for the final phase of the experimental program. 


Mix design number 


Constituent materials at batching plant 1 2 3 4 5 6 
CEM II/B-M [kg/m*] 471 470 450 467 372 320 
Elkem microsilica fume [kg/m°] 20 20 19 20 20 17 
Matrix volume [l/m*] 438 438 438 438 438 380 
Water/binder ratio 0.42 0.42 0.42 0.42 0.42 0.42 
Superplasticizer [% by cement mass] 0.9 0.9 0.9 0.9 1.1 1.1 
Air entrainment [%] 0.1 0.1 0.1 0.1 0.2 0.2 
Steel fibers 3D 80/30 [kg/m*| 40 40 40 40 40 40 
0-8 mm natural sand, [kg/m°] 1403 1403 1403 1403 1403 1506 
Limestone filler 123 122 117 122 122 105 
Fly ash - - - - 98 84 
Hydration accelerator [%] - 2.6 2.6 2.6 3.2 3.3 
Shrinkage reduction agent [%] - - - 0.5 0.6 0.7 
EVA polymer [kg/m°] - - 20 - - - 


3 RESULTS AND DISCUSSION 


3.1 Fresh concrete properties 


Well flowing concrete was achieved for all concretes, with slump retention values in the range 
of 240-260 mm measured at the spraying location in the tunnel 30-45 minutes after batching. 
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Fresh concrete temperatures were in the range of 21-25 °C at the spraying location. The air 
content in the fresh concretes was measured to approximately 4%. 


3.2 Shrinkage 


Shrinkage was measured directly on the surface of the sprayed concrete panels. Figure 5 
shows the setup of shrinkage measuring points installed in a triangle. Figure 6 shows the effect 
on measured shrinkage of two different set accelerator dosages compared to the unaccelerated 
concrete. One set of panels was covered with plastic and the other set was left exposed to the 
ambient climate. The panels covered with plastic experience autogenous and plastic shrinkage, 
whereas the uncovered panels were also exposed to the drying shrinkage. Note that the heat 
generation caused by the accelerator contributed to quite high maximum initial temperature 
and thus subsequent temperature contraction during the first day. Hence, the measured length 
changes in Figure 6 also includes temperature contraction. Panel temperature was not meas- 
ured here, but measurements from other parts of the project give reason to suggest that prob- 
ably at least half of the measured length change is temperature contraction. The other 
measured effects on shrinkage of the different mix designs are summarised in Table 5. 


Figure 4. Procedure for direct measurements of shrinkage on the surface of sprayed concrete. 


The measured effects of the set accelerator, suggest that a low accelerator dosage of 3% con- 
tribute to a higher shrinkage compared to the higher dosage of 7% in either cases with both 
covered and uncovered specimens. The higher dosage contributes to more rapid strength gain 
at early age, and hence, the concrete will very likely exhibit sufficient strength combined with 
sufficient ductility at early age. The lower dosage of accelerator will very likely initiate a quick 
enough setting to cause a temperature increase, but without a significant strength and deform- 
ation modulus gain. Hence, the measured tensile deformation is higher for the lower acceler- 
ator dosage. 

The results of measurements in the tunnels show that the sum of thermal and autogenous 
shrinkage of the present sprayed concretes is rather low and considered to be too low to alone 
give cracking of the sprayed layer. But drying conditions corresponded to approximately 20 °C 
and 50-60 % relative humidity, giving higher total shrinkage. Avoiding drying out, the shrinkage 
results indicate that a completely covered specimen without any effect of set accelerator should 
remain uncracked. 


3.3. Water permeation through cracks 


Water permeation tests were done on cracked specimens with precisely controlled crack 
widths. The specimens were cracked with the crack width controlled to achieve target crack 
widths, which were measured by digital image correlation. Water pressure was applied on one 
side of the specimen and the permeating water was collected in a measuring cylinder. The 
mass of permeating water was measured and logged every second. The flow rate coefficient, 
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Results from shrinkage measurements from phase 2, showing the effect of two different set 
accelerator dosages and dry-out compared to completely sealed specimens. 


Table 5. 
Mix design effort 


Measured effects on shrinkage of different innovative mix design effort. 


Measured effect on shrinkage 


Reduced cementitious binder content 


Limestone replacement of cementitious binder 


Flyash replacement of cementitious binder 
Shrinkage reducing agent 


Not measurable 
Slightly favorable 
Slightly favorable 
Significant reduction 


Not measurable 
Increased shrinkage 


Hydration accelerator 
EVA polymer additive 


€ is the measured permeation divided by the theoretical, through an ideal, straight, smooth 
and continuous crack (Ripphausen, 1989). A graph of the flow rate coefficient against the 
maximum crack width is shown in . The results show us that above crack widths of 0,15 mm 
the flow rate coefficient increases in an exponential manner with increasing crack width in 
standard sprayed concrete. Whereas with inclusion of the EVA based polymer admixture, the 
flow rate decreases much less and more linearly with increasing crack width. 
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Figure 6. Graph of flow rate coefficient against maximum crack width for water permeation tests 
through cracked specimens. 
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3.4 Strain hardening properties of steel fiber reinforced sprayed concrete 


Strain hardening properties were investigated by testing cut beams from spayed panels accord- 
ing to NS-EN 14651 (2005) and round panel energy absorption tests according to Norwegian 
Concrete Association (2011). The mean measured energy absorption for the two series were 
1184 J and 1282J for 40 kg/m? of 4D 65/35 and 3D 80/30 respectively. This result compares to 
1000J for the highest requirement for rock support sprayed concrete. The results from the 
beam tests are shown in. 
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Figure 7. Results from two test series according to NS-EN 14651 on beams 150 mm by 150 mm by 
600 mm sawn from sprayed specimens. 


3.5 Practical spray-application on overhead substrate and on wet spots 


Achieving successful spray application with high slump concrete combined with high fiber 
dosages was the main goal of the overhead spraying trial. Furthermore, the mixes with low 
cementitious content were tested for overhead spray feasibility considering the potentially 
insufficient early strength development. Early age compressive strengths were measured and 
found to be relatively low compared to typical requirements for sprayed concrete for ground 
support. Despite this result, none of the sprayed mixes showed any sign of slabbing off the 
substrate. Scan data indicated sprayed concrete thicknesses overhead of up to 250 mm. 


4 CONCLUSIONS 


The main findings can be summarized as follows: 


— The technical functionality of a waterproof sprayed concrete, as well as functional sprayed 
concrete with much lower cement content was demonstrated. 

— The design for which this technical solution has been developed, has been investigated for 
a drained tunnel concept in jointed hard rock with hydrostatic pressures of maximum 
0,5 MPa. 

— Significant shrinkage has been found to be driven by a combination of drying out and ther- 
mally induced expansion and contraction at early age. 

— Mix design efforts to reduce the autogenous shrinkage have limited effect. An innovative 
shrinkage reducing agent did reduce the measured shrinkage. 

— The use of EVA polymer in the concrete mix significantly reduced permeation through 
cracks in the concrete. 

— Fresh concrete temperatures in the range of 20-23 °C seems to be optimal. 
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— Fresh concrete logistics and time of spray application after batching is more sensitive than 
for normal sprayed concrete. The tested mix design efforts imply start spraying after max- 
imum 60 minutes after batching. 


The executed test phases have increased the knowledge of the effect of different innovative 
mix design possibilities. The results provide a good basis for further optimizing the details in 
mix designs, the batching production process, fresh concrete logistics and spray application 
details. 
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Mobile mapping systems and algorithms for Italian tunnel 
assessment 


F. Iacobini & A. Pranno 


Rete Ferroviaria Italiana — Technical Department, Rome, Italy 


ABSTRACT: Over the last few years, mobile mapping systems for monitoring civil railway 
works have found widespread use because they offer several advantages to Infrastructure 
Managers. Since 2013, RFI, the Italian Infrastructure Manager, has started a project for sur- 
veying the railway tunnels with mobile mapping systems. This system is based on the integra- 
tion of different sensors on a railway vehicle. The system collects a large set of data about the 
geometry and the defects of tunnel lining. By means of a specific algorithm there is the possi- 
bility to define a priority in the planning of maintenance interventions and a comparison of 
different tunnels. The use of mobile mapping systems clearly represents a powerful tool for 
Infrastructure Managers. The paper shows up the main features of the technology, his advan- 
tages and the results obtained. 


1 INTRODUCTION 


Rete Ferroviaria Italiana (RFI), the Italian Infrastructure Manager, manages a large rail net- 
work of about 16,800 km characterised by the highest amount of railway tunnels among the 
European countries, more than 1,500 km. 

To guarantee the safety and regularity of railway traffic on the infrastructure, RFI adopts 
an internal procedure based on periodic visual inspections to assess the structure conditions of 
railway tunnels and to define maintenance interventions. 

These inspections are carried out by specialized operators. 

The inspection aim is to verify the structural element conditions (portals, lining, platform, 
niches, etc.), not-structural ones (waterproofing, drainage, and sidewalks) and the area imme- 
diately adjacent to the tunnel, such as slopes and retaining walls. 

In 2013 RFI has started a project based on the use of mobile mapping system specifically 
designed to survey railway tunnels to improve the quality of tunnel inspections and reduce 
their cost. 


2 RFIINSPECTION SYSTEM 


The RFI inspection system is regulated by “Procedure for the inspections of bridges, tunnels 
and other structures of the railway network”. 

The procedure describes the inspection process and qualifications requested to carry out the 
surveys and contains a list of the main damages that may be detected on structures. 

In the same procedure are also defined, for each type of structure, the frequencies of 
inspections. 

The Procedure provides a specific Catalogue of deteriorations and the rules to assign 
a rating code to the tunnel. 
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For each tunnel, the inspectors, considering the lining structure types (unlined, masonry or 
concrete) identify the deteriorations and classify them in terms of their severity and extension. 

The result of the inspection is a rating code (variable from 0010 to 0110), that defines the 
structural integrity. The data collected during the survey, including the rating code, are classi- 
fied by the inspector by means of a specific format (Avviso V1) and recorded in the RFI infor- 
matic database. 


3 MOBILE MAPPING SYSTEMS 


In 2013 RFI started a research project to evaluate the use of specific mobile system for railway 
tunnel assessment. At first, it was made a specific study to identify the technologies most suitable 
for the purpose of detecting the lining deteriorations and defects as well as the tunnel geometry. 

The tunnels inspection system chosen is based on the integration of different sensors in 
a railway vehicle (Figure 1) allowing to get a large set of information with a single passage on 
the track. 


Figure 1. Bimodal vehicle equipped with mobile mapping system. 


In the second phase of the research project, the system was tested for the survey of more 
than 400 km of railway tunnels between 2015 and 2017. 

The mapping system is based on the use of high-speed laser cameras, custom optics and 
laser line projectors to obtain 2D images and high-resolution 3D profiles of the surveyed 
tunnel. It can be operated under all types of lighting conditions, providing high-quality data 
in both illuminated and shaded areas. 

The laser cameras detect and quantify all the functional parameters and deteriorations of 
lining in a single pass. 

The system is integrated with a vision-based software which allows to explore the 3D recon- 
struction and 2D data obtaining important information about defects. 


Figure 2. Data with 2D images. 
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Figure 3. 3D reconstruction. 


The system acquires high-quality digital images of the tunnel’s lining with a longitudinal 
and transverse resolution of 1 mm and data characterised by a depth accuracy of 0.5 mm at 
speeds up to 30km/h. 

The data acquired during the surveys by the mobile diagnostic system are processed auto- 
matically by a post-processing software. 

To group and sum up the defects surveyed on the tunnel lining, each tunnel is divided in 
longitudinal sectors of 25 meters (Figure 4). 
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Figure 4. Longitudinal sectors. 


In each sector, the lining defects are classified in one of the following categories (defined 
from the defects described in RFI Catalogue of Deteriorations): 


e longitudinal cracks, 

* transversal cracks, 

e diagonal cracks, 

e damp patches, 

* lining loss, 

* mortar loss among bricks, 
e deformations/detachments. 


The measurement of the defects is made in terms of length for cracks and mortar loss, in 
terms of surface dimension of the lining involved for the other categories. 

In addition, for each defect, has been defined a geometrical parameter which allows 
a classification not only in terms of extension but also in terms of the intensity. For example, 
the width is related to the intensity for the cracks while the depth is related to the intensity of 
some defects such as lining falling off and deteriorations of mortar. For each lining material, 
different thresholds have been defined to classify the intensity classes of each defect. 

In conclusion, for each sector of the tunnel the system provides a synthetic table with the 
total measure of the defects for each category and each intensity class. 

The data surveyed are summarized, for each tunnel, in a “Report”, for a global vision of 
tunnel lining by 2D images maps with different information layers (Figure 5): lining material, 
defects on 2D images and defects on white background 2D images. 
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Figure 5. Map with lining material - defects on 2D images - defects on white background 2D images. 


4 ALGORITHM 


The data collected in the experimental campaign have been used by RFI to calibrate an algo- 
rithm for the definition of synthetic indices to describe the state of damage of the tunnel. 
RFI calibrated algorithms evaluate the following indices: 


1) damage index (ID) to have a synthetic information about the “severity” of the damage in 
terms of safety of the tunnel. 

2) spread index (IDIFF) to have a synthetic information about the “spread” of the damages 
along the tunnel. 


The criterion adopted by the expert RFI inspector for the evaluation of the ID was to repro- 
duce the Rating Code assigned for each tunnel carrying out the traditional inspections in rail- 
way tunnels according to the RFI procedures. 

The ID is based on the principle of the most critical damage. Therefore, considering each 
sector of the tunnel and each damage present, the ID is assigned to the entire tunnel based on 
the intensity and extension of the dimensional damage of the relevant sectors. 

In analogy to the Rating Code, the ID is expressed by a numerical code, which identifies the 
entity, from 1 to 11 with increasing gravity as the value of the code increases. So, there is 
a scale of 11 classes related to the damage magnitude and severity. 

The method verifies if there is a logical condition sufficient to classify the tunnel in the high- 
est expected class, that is 11. In this case, the ID will assume the value 11. If this logical condi- 
tion is not satisfied, the algorithm verifies the condition sufficient to classify the tunnel in the 
immediately lower class (10) and so on. At the end of the process, if no logical condition exists 
to classify the tunnel in class 2, it will be automatically assigned an ID equal to 1 (Figure 6). 

In order to identify the priorities for maintenance, a “Spread Index” (IDIFF) has been 
defined by RFI to represent the spread of damage within the tunnel. The target in defining the 
spread index is to express, with a single number or code, the conservation status of the tunnel 
and to evaluate how far the tunnel is from the design condition. 


2434 


Vv 
Vv 


INPUT Is there a sufficient EF, 
AER ; S Classified 
Total extension of de- logical condition ID=11 
fects of the sector for the class 11? 


Is there a Sutticient Classified 
logical condition iD=10 
for the class 10? 


NO 


Is there a sufficient Classified 
logical condition ID=2 
for the class 2? 


IDiunn FMAX ID- 
SECTORS Classified 


OUTPUT 
ID of the sector 


ID=] 


Figure 6. Logical conditions of the algorithm. 


For the definition of the IDIFF, RFI defined some logical conditions to assign a different 
ranking to tunnels classified by the same maximum ID, allowing a comparison and the defin- 
ition of a priority of interventions for the tunnel characterised by a larger number of sectors 
with higher values of the ID. 

The higher is the value of the IDIFF, larger is the number of sectors characterised by 
a Damage Index close or equal to the ID of the whole tunnel, a priority can be assessed (Table 1). 


Table 1. Evaluation of priority. 


ID - Sectors ID Order of 
TUENNEL 1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 MAX IDIFF Priority 


A 6,15 3 
B 6,35 2 
C 6,47 1 


The validation of the algorithm was already carried out in 2017 starting from the data col- 
lected on above 400 km of railway tunnels in the first phase of the experimental campaign 
conducted using the mobile mapping system. 

This analysis returns a good correlation index, consistent with the studies conducted for the 
calibration of the algorithm itself (Figure 7). 
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Figure 7. Correlation between ID and Rating Code assigned by inspectors — Tunnels of DOIT Naples. 


Non-aligned cases mostly depend on: 


— the impossibility of the mobile diagnostic system to detect and classified some category of 
damages (for example: damage of the inverted arch, damage of portals and wing walls, etc.); 

— the inevitable subjectivity of the judgment of the RFI inspector who carries out the inspec- 
tions in the tunnels. 


RFI is working on the implementation of additional features on the system in order to over- 
come these limits. 

At the moment, the mobile mapping system surveys have covered more than 800 km of tun- 
nels. The plan is the end of the survey of all the RFI railway tunnels in 2023. 

RFI is going to revalidate the algorithm with the data collected during the survey of all the 
RFI tunnels. 


5 CONCLUSION 


This result clearly shows up the possibilities linked to the widespread use of mobile mapping 
system in railway tunnels. The use of mapping systems for tunnel surveying, in fact, allows to 
overcome some frequent obstacles met during traditional survey, to speed up the operations 
and to make an objective evaluation of the defects on lining together with the possibility to 
accurately study their evolution in the time. 

In order to guarantee a periodic survey in each tunnel and integrate in the procedure the 
use of automatized inspections, RFI is about to conclude the assignment of a procurement to 
acquire 4 diagnostic railway wagons equipped with the mobile mapping system for the survey 
of railway tunnels. The first system should be available in 2025. 
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ABSTRACT: There are increasing demands to construct tunnels without skilled laborers as 
facing a decrease in the number of laborers in the tunnel industry in Japan. The construction 
automation of tunnel linings with Self-Compacting Concrete (SCC) has been developed to be 
constructed without skilled laborers. Concerning placing the SCC, managing the placement 
and predicting the flow of the SCC is critical for verifying the construction automation. 

The full-scale experiment was carried out with the construction automation. The full-scale 
lining formwork was prepared to construct the lining that is 9.22 m wide, 6.61 m high, 
10.50 m long, and 0.40 m thick. The SCC was alternately placed through the steel pipe 
installed on the lower center of the right and left side of the formwork using a concrete pump 
until the formwork was filled with it. The placement of the SCC and the pressure acting on 
the formwork were monitored in real-time. During the experiment, the volume of approxi- 
mately 80 m° of the SCC was placed. 

The lining concrete was placed in approximately 3 hours with 3 skilled laborers. Also, the 
post-investigation showed that the lining concrete could be placed with quality using the con- 
crete pump only. The proposed construction automation of the tunnel lining can contribute to 
reducing the number of skilled laborers, and improving quality and safety. 


1 INTRODUCTION 


There are increasing demands to construct tunnels without skilled laborers as facing 
a decrease in the number of laborers in the tunnel industry in Japan (MLIT 2021). Construc- 
tion automation has increasingly been an effective solution to the improvement of productiv- 
ity without skilled laborers in tunnel construction. 

The construction automation of tunnel linings using Self-Compacting Concrete (SCC) has been 
developed as a solution for a decrease in skilled laborers. SCC is a material that can be placed 
without consolidation. By use of this advantage, it has been attempted to place lining concrete 
with SCC using a concrete pump machine. Japanese society of civil engineering (JSCE 2012) pro- 
vides a guideline for construction with SCC, including the ability to pump SCC, an increase in 
pressure acting on formworks, and maximum flow distances. Tunnel linings are arch-shaped 
structures, so flow direction and flow distance are expected to differ from ordinal structures, such 
as columns and beams. Moreover, because tunnel linings are large concrete structures and are 
constructed in limited space, the placement of SCC needs to be carefully planned. Thus, managing 
placement and predicting the flow of SCC are critical for verifying construction automation. 

The full-scale experiment was carried out with the construction automation of the tunnel 
lining proposed herein. The details of the construction procedures and the property of the 
SCC were provided. Additionally, the flow of the SCC during the placement was simulated 
using the MP-PIC method, and its result was compared to the full-scale experiment. The 
result showed that the tunnel lining concrete with the SCC could be placed in approximately 3 
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hours with 3 skilled laborers using a concrete pump machine. The post-investigation showed 
that the lining concrete had enough compressive strength, there were no surface voids and 
cold joints, and the SCC flowed to every corner of the formwork, showing that the lining was 
constructed with quality. The proposed construction automation of the tunnel lining contrib- 
utes to reducing the number of skilled laborers and improving quality and safety. Therefore, 
the proposed construction automation of the tunnel lining will be a possible solution to 
a decrease in skilled laborers. 


2 CONSTRUCTION OF TUNNEL LINING WITH SELF-COMPACTING 
CONCRETE 


The full-scale experiment was carried out with the proposed construction automation of the 
tunnel lining to meet the following objectives: 1) estimation of a production rate and cost, 2) 
visualization of the placement of SCC, and 3) evaluation of the quality of the lining. To 
achieve the objectives, the full-scale formwork was prepared, and the SCC was placed using 
a concrete pump machine. The details of the proposed construction automation of the tunnel 
lining are provided below. 


2.1 Dimensions of the tunnel lining 


Figure 1 shows the cross-section area of the tunnel lining prepared in the full-scale experiment. 
The lining formwork consists of the inner and outer formwork, and the concrete foundation. 
The outer formwork is 9.22 m wide, 6.61 m high, 10.50 m long, and 0.40 m thick. The bottom 
section is 2.0 m high, and the radius of the inner space is 4.21 m. The concrete foundation was 
constructed to support the weight of the lining concrete and the inner and outer steel form- 
work. The bottom section of the outer formwork was designed as a cantilever RC structure 
instead of the use of steel as shown in Figure 1. The injection valves were installed at the lower 
center of the inner formwork. In actual cases, the lateral deformation of linings is confined by 
mountains, however, no confinement stresses act on the side of the full-scale lining. Therefore, 
structural stability against earthquakes needs to be considered. The steel bars of D13, D16, 
and D19, standardized by Japanese Industrial Society (JIS), were installed to reinforce the 
lining. The plastic waterproofing membrane was also sheeted on the outer formwork to imi- 
tate in-situ tunnel lining construction conditions. 

Figure 1 shows the location of the sensors installed on the inner formwork. The concrete 
detection sensors, which detect the change of electric resistance during placement, were 
aligned 1.0 - 1.1 m apart on the formwork. The pressure transducers were installed at the 
bottom, spring line (S.L.), shoulder, and top of the formwork to measure the pressure acting 
on the formwork during the placement. 
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Figure 1. Dimensions of the full-scale lining formwork. 
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2.2 Properties of SCC 


Tunnel linings are generally constructed without reinforcing bars so that the Rank-3 filling 
ability defined by JSCE (2012) is suitable for the placement of SCC. However, the Rank-2 
filling ability has often been targeted for the construction of large structures (JSCE 2012). 
Therefore, the concrete mix design was determined to satisfy the Rank-2 filling ability. 
Table | provides the concrete mix design used for the full-scale experiment. 


Table 1. The concrete mix design used for the full-scale experiment. 


Unit weight (kg/m?) 
WIC (%) s/a (%) Air content (%) W C Sl S2 G SP 


41.6 48.7 4.5 170 409 576 257 904 6.95 


2.3 Placement procedures 


Figure 2 shows the plan view of the formwork. The steel pipe, which has an inner diameter of 
6.0 inches (i.e., approx. 0.15 m), was connected to the pump machine prior to pumping. The 
switching device was installed in the middle of the connection to change the pumping direction 
during the placement. The pumping machine has a maximum pumping capacity of 77 m°/hr x 
7.9 MPa. The capacity of the steel pipe was determined considering the pressure drop due to 
friction of the steel pipe and the pressure head of the SCC placed. The SCC was pumped using 
one concrete pump machine. 

Figure 2 illustrates the placement procedure employed. (1) The SCC was firstly placed on the 
left side of the formwork until the free surface of the SCC reached a height of 0.5 m. (2) The 
pumping direction was then changed using the switching device. The SCC was similarly placed 
on the right side until the free surface reached the same height. (3) The pumping direction was 
switched again, and the placement was repeated until the free surface reached the spring line. (4) 
Next, the SCC was placed until the concrete detection sensors were responded to for the left side 
formwork. Also, the placement was continued when the height of 1.0 m was reached for the 
right side of the formwork. The SCC was alternately placed with the above procedure. (5) The 
placement for the right side of the formwork was stopped when the concrete detection sensors 
installed near the top of the inner formwork responded. (6) Then, the pumping direction was 
switched, and the SCC was continuously placed from the left side of the formwork until the 
planned volume of the SCC was placed. The placement of the SCC was controlled by monitor- 
ing the pumping rate, the number of strokes of the pump machine, and the location of the free 
surface of the SCC in real-time. The SCC was pumped with a rate of 0.24 ~ 0.57 m*/min, and it 
took 3 hours and 14 minutes to place the planned volume of the SCC. 
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Figure 2. The plan view of the formwork. 
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2.4 Acceptance testing of SCC 


There are cases where the property of transported SCC differs from the estimated property 
concrete mix design. Therefore, inspecting the property of transported SCC before 
placement is important. Specifically, inspecting the filling ability of manufactured and trans- 
ported SCC is critical for ensuring the liability of concrete structures. Additionally, filling abil- 
ities are affected by the change in temperature or transportation (JSCE 2012), so it may differ 
from the designed one. Thus, the property of manufactured and transported SCC is needed to 


based on 


be evaluated with appropriate methods prior to placement. 


The acceptance testing was conducted to inspect the property of the SCC prior to pumping. 
The acceptance testing included the slump flow, U-box, and air content tests. Table 2 provides 
the required properties in the Rank-2 filling ability and the measured values. The slump flow, 
U-box, and air content tests were conducted following JIS A 1150, JSCE 2012, and JIS 


A 1128, respectively. 


Table 2. Required properties for the Rank-2 filling ability and the measured properties by the accept- 


ance test. 
Rank- 2 filling The measured properties by the 
ability” acceptance test 
Height in the U-type box test (mm) Over 300 343 ~ 350 
Absolute volume of aggregates 
! A 0.3 ~ 0.33 0.336 
per unit volume (m°/m”) 
Flowability Slump flow (mm) 600 ~ 700 590 ~ 675 
Resistance Flow duration of V7; in 3) 
3 7~20 - 
against V-funnel tests 
segregation Duration to flow 500mm (s) 3~15 2.9 ~ 3.1 
Air content (%) -) 4.8~4.9 
1) Defined by JSCE 2012, 2) not required, 3) not attempted 
IS a iod sensor \ \ iV ; Ñ If 3 \ \ 
| { Spa ingline? \ | j 3 Swerching davke \| | { 
} Flowdirection | snjsctign valve: $ | |4 f waai 
0. D emia SS — “J i ae esl 05m “osm — = 
(1) ~ (3) The placement of the SCC below the spring line. The SCC was placed every 0.5m 
height, and the flow direction was switched using the switching device. 
ETT) Wi At som 
Flaw direction m Flow dir y eesti ng | 
ue A — zs E >= = 
(4) The placement of the SCC above the spring line. The location of the concrete detection 
sensors was targeted for the left side. Also, The SCC was placed every 1.0 m height for the: 
right side. 
S; $0059 mun ra ag! 
Cope sorte Saepe PON sensor 
Flow direction Flow direction 
SS E — S = a 
(5) ~ (6) The placement near the top of the formwork. The placement to the right side was. 
stopped when the concrete detection sensors installed near the top of the inner formwork 
were responded. Then, the placement to the left side was continued until the planned volume 
of the SCC was placed, 
Figure 3. The placement procedure using the concrete pump machine. 
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2.5 Real-time monitoring and properties of cored samples 


Figure 4 shows the responding timing of the concrete detection sensors that were horizontally 
aligned, and the location of the free surface of the SCC evaluated by the numerical simulation 
described later. Those sensors responded almost at the same time when the free surface of the 
SCC reached the locations of the sensors, indicating that the free surface of the SCC flowed 
horizontally. Similarly, the other sensors responded as the SCC was continuously placed. 
Therefore, the weight of the SCC in both sides was balanced during the placement. 


Left side ight side 
Ae 


ae ee, RY ee, ee 
| Injection valve 


HE Location of the cored samples 
(a) Front view (b) Side view 


Figure 5. The location of the samples. 
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(a) Compressive strength (b) Density 


Figure 6. Distribution of the compressive strength and density. 


The density, p, and compressive strength, fe, of the lining concrete were evaluated from the 
samples cored after 13 weeks from the placement. Figure 5 shows the location of the samples. 
The compressive strength and density were measured following JIS A1107. Figure 6 shows the 
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distribution of the compressive strength and density. The average value of the compressive 
strength, fe, was 59.4 MPa, and that value of the density, p, was 2.37 g/cm? . The compressive 
strength of below 50.0 MPa was distributed below the S.L. and near the middle of the form- 
work, and the strength of over 50 MPa was observed in the other locations. The density of 
2.12 - 2.32 g/cm? was observed around the top, and that value of 2.32 - 2.48 g/cm? was 
observed around the bottom and S.L. of the formwork. The density became small with 
a distance from the injection valves. So, the distribution of the compressive strength and dens- 
ity differed depending on the locations; however, the data showed that the density fell within 
the typical value of concrete, and the lining concrete had enough compressive strength. There- 
fore, the result showed that the lining concrete could be placed with quality. 

Figure 7 shows the pressure measured at the bottom center and bottom edge of the right 
side of the formwork during the placement. The pressure at the bottom center started to be 
detected at 10 min and continuously increased as the placement continued. When the pumping 
direction was switched, the increase of the pressure was stopped. The maximum pressure of 
140 kPa was measured at 189 min. When the placement was stopped at 194 min (i.e., the 
timing that all the planned volume of the SCC was placed), the pressure started to drop. The 
pressure at the bottom edge started to be detected at 10 min and continuously increased as 
well. However, its value was smaller, approximately 15 - 20 %, than the bottom center, and 
the maximum value of 132 kPa was measured at 155 min. After the maximum value was 
reached, the pressure started to drop, although the placement continued. As indicated later, 
the SCC flowing to the edge of the formwork remained at the same position. So, it is inferred 
that the characteristics of the SCC flowing to the edge of the formwork might change due to 
such effects. That is a possible reason for the decrease in the pressure. 


—— Center - lower bottom 


— Edge - lower bottom 


0 50 100 150 200 250 
Time (min) 


Figure 7. The pressure acting on the lower bottom of the right side of the formwork. 


3 NUMERICAL PREDICTION OF THE FLOW OF SELF-COMPACTING 
CONCRETE DURING PLACEMENT 


SCC has high flowability so that it can flow over long distances. Possible flow distances with- 
out segregation differ depending on concrete mix design, structural conditions, construction 
conditions, etc. It has been confirmed that segregation seldom occurs with a flow distance of 
less than 5.0 m; however, for cases where the flow distance is over 15.0 m, the confirmation of 
no segregation during placement needs to be checked prior to construction (JSCE 2012). Add- 
itionally, it is favorable that newly placed SCC flow onto hardening SCC to prevent concrete 
defects. Therefore, predicting the flow of SCC is important, specifically for large structures. 
Numerical simulation was used to predict the flow of the SCC during the placement. Open- 
FOAM v2112 (ESI Group) was used for the numerical simulation, and ParaView software 
(Kitware) was used for the visualization. 
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3.1 MP-PIC methods 


The multiphase particle-in-cell (MP-PIC) method is a numerical method for modeling par- 
ticle-fluid and particle-particle interactions in a computational fluid dynamics (CFD) calcula- 
tion (Andrew and Rourke 1996). Because SCC is a material that is mainly composed of water, 
cement, admixtures, and aggregates, it can be expected that the flow of the SCC can be simu- 
lated more precisely considering the momentum of both fluids and solids. Therefore, the flow 
of the SCC was simulated using the MP-PIC method, and the results were compared to the 
full-scale experiment. In this simulation, the mortar was modeled as a continuous phase, and 
the coarse aggregate was modeled as a solid phase. 


3.2 Pressures, flow directions, and positions of SCC 


Figure 7 compares the pressure evaluated by the simulation to the measured ones. The pressure 
increased as the volume injected increased. The increase of the pressure stopped when the pumping 
direction was switched. The increase of the pressure was detected at the beginning of the placement, 
and the maximum pressure of 141 kPa was obtained at 183 min. The pressure was overestimated 
by approximately 10 - 20 % for the time of 0 - 50 min; however, its value was underestimated by 
approximately 15 - 20 % for the time of 100 - 200 min. Compared to the experimental results, the 
predicted value of the pressure fell within the range of +20 %. The flow velocity near the bottom 
was nearly equal to zero, so the simulated pressure was approximated hydrostatic pressure, indicat- 
ing that the SCC around the center of the formwork acted like a fluid during the placement. 

Figure 8 shows the flow direction and the velocity of the SCC during the placement. The 
results showed that (1) the velocity of the SCC around the injection valves changed during 
placement; (2) The SCC flowed in the horizontal direction at the beginning of the placement; 
(3) The SCC tended to flow in the upward direction when half of the formwork was filled; (4) 
The velocity of the SCC near the edge of the formwork dropped to nearly equal zero when the 
SCC reached to the edge, showing that the SCC near the edge of the formwork remained at 
the same position during placement. 

Figure 9 shows the position of the SCC at each time. The result showed that (1) the SCC 
placed at the beginning flowed to the edge of the formwork and remained during the placement; 
(2) the newly placed SCC flowed onto the one near the edge of the formwork; (3) the newly 
placed SCC around the injection valve pushed the old SCC toward the upward direction. 


(a) 9 min (b) 43 min 


Figure 8. The flow direction and velocity of the parcels at each time. 


(a) 9 min i (c) 97 min 


Figure 9. The position of the parcels at each time. 
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4 DISCUSSIONS 


The proposed construction automation contributes to (1) reducing the number of skilled 
laborers; (2) improving quality and safety. 

Conventional placement methods require at least 6 skilled laborers for consolidation and re- 
arrangement of pipes during the construction of tunnel linings. On the other hand, because the 
proposed construction automation used the SCC, skilled laborers were not required for them. By 
use of this advantage, the placement of the lining concrete was completed by only 3 skilled labor- 
ers, including one laborer for switching the pumping direction and two laborers for safety guards 
of bulkheads. It was expected that the use of conventional methods would take approximately 5 
to 6 hours to fill the formwork with ordinal concrete due to consolidation by vibrator machines 
and controlling the rate of placement to limit the lateral pressure. In the full-scale experiment, 
the SCC was continuously placed until the formwork was filled with it without consolidation. 
So, we could succeed in shortening the duration of the placement by half of the conventional 
placement methods. Additionally, the placement could be completed at a remote distance, so the 
employed placement method contributed to a decrease in dangerous work in limited space. 
Moreover, the post-investigation showed that there were no surface voids and cold joints on the 
lining and that the SCC flowed to every corner of the formwork (Picture 1). Surface voids are 
often confirmed below S.L. of side walls in conventional construction methods. However, in the 
proposed construction automation, the SCC was placed through the injection valve installed at 
the lower bottom of the formwork, so no entrapped air due to the drop of the SCC did not 
occur. Those advantages contributed to the improvement of the quality. 

It was expected that SCC acts like fluid during placement, then pressures acting on form- 
works are assumed to be hydrostatic pressure. The use of the SCC results in an increase in 
pressure compared to the use of ordinal concrete. So, the lining formwork needed to be re- 
designed to adjust that consideration. Additionally, the price of SCC is higher than ordinal 
concrete. The price of the SCC used in the full-scale experiment was approximately 1.5 - 2.0 
times that of ordinal concrete. An increase in the total cost of the construction of tunnel lin- 
ings is the disadvantage of the proposed construction automation. 


Picture 1. The lining constructed with the proposed construction automation. 
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5 CONCLUSIONS 


There are increasing demands to construct tunnels without skilled labor as facing a decrease 
in the number of laborers in the tunnel industry in Japan. The construction automation of the 
tunnel lining using the SCC was proposed as a solution to a decrease in skilled laborers. Man- 
aging the placement and predicting the flow of the SCC is critical for verification. The full- 
scale experiment was carried out with the proposed construction automation. 

During the placement, the flow of the SCC and the pressure acting on the formwork were 
monitored in real-time. The lining concrete was placed in approximately 3 hours with 3 skilled 
laborers. The post-investigation showed that the lining concrete had enough compressive 
strength, there were no surface voids and cold joints, and the SCC flowed to every corner of 
the formwork. The results showed that the lining concrete could be placed with quality. 

The proposed construction automation of the tunnel lining can contribute to reducing the 
number of skilled laborers, and improving quality and safety. Therefore, the proposed construc- 
tion automation of the tunnel lining will be a possible solution to a decrease in skilled labor. 
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ABSTRACT: Many underground infrastructures have been built as technology has advanced, 
and today, after 30 years or more, they are in a state of deterioration, necessitating safety man- 
agement. As the necessity is emphasized, many studies using computer vision are being con- 
ducted to overcome problems such as the high cost and lack of objectivity of the conventional 
method that relies on manpower. Many studies are focused on deep learning-based crack detec- 
tion, and research on crack quantification essential for inspection is still insufficient. In this 
study, a method to obtain the crack width of a concrete surface based on computer vision was 
proposed through a lab-scale experiment and compared with the previously studied method. 
Methods to increase applicability by overcoming the limitations of RGB-D cameras were add- 
itionally presented and analyzed. The results of this study are expected to play a significant role 
in the future development of automated systems for concrete tunnel cracks. 


1 INTRODUCTION 


People’s interest in underground space expanded as industry and technology advanced. In par- 
ticular, the necessity of active use of underground space has been emphasized in Korea due to its 
narrow land area and high population density (Shin, 2013). As a result, the underground space 
was utilized for a variety of geotechnical infrastructures, including utility tunnels, energy storage, 
and transportation tunnels. The constructed structures deteriorate with time due to environmen- 
tal conditions and external events, and the process of deterioration is caused by a combination of 
numerous elements (Frangopol and Liu, 2007; Menendez et al., 2018). Understanding the degree 
of deterioration of structures is important both in the aspects of service and safety, thus safety 
management is conducted in accordance with standards in each country. In the case of Korea, 
safety management of tunnels and utility tunnels is carried out according to the detailed guide- 
lines for the safety inspection and precise safety diagnosis (2017) prepared by the Korea Facilities 
Safety Corporation. Although there are differences in the types of inspection parameters depend- 
ing on the degree of aging of the structure, it is basically determined whether the necessity of 
repair or reinforcement by detecting cracks, leaks, chemical deterioration, and the others. 
Among those parameters, cracks are an early indicator of a structure’s deterioration (Ren et al., 
2020), and information on the formation and progression of cracks must be monitored for the 
purposes of safety management. Methods for detecting cracks include ultrasonic inspection, 
crack measuring, visual inspection, etc. In particular, the crack width refers to the length meas- 
ured in a direction perpendicular to the crack direction, and the length is determined using 
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measurement equipment such as a crack ruler and a crack microscope. As such, the measured 
values of cracks according to the guidelines are based on visual inspection, therefore the subject- 
ivity of the inspector tends to reduce objectivity (Dang et al., 2022; Kim et al., 2021). 

Numerous studies using image processing and deep learning technologies are being con- 
ducted to address this issue. In order to replace the conventional method, research is required 
on two important technologies: crack detection and measurement in real-scale. First, in the 
case of crack detection, studies using methodologies such as image processing, machine learn- 
ing, and deep learning have been undertaken (Li et al., 2019; Mohan and Poobal, 2018; Muna- 
war et al., 2021). There are still some limitations that must be addressed, such as the inability 
to remove several noises or dependency on the characteristics of the dataset, but a significant 
number of cracks can be objectively detected. Also, it is necessary to derive quantitative infor- 
mation such as crack width and length from the detected crack. It is hard to infer real-scale 
values from only 2D images due to the characteristics of image processing technologies. 
Therefore, in order to replace the conventional method, it is essential to study the measure- 
ment method following crack detection. However, research on measurement accuracy is still 
insufficient (Jung et al., 2019), and the majority of studies have focused on pixel-level meas- 
urement rather than real-scale measurement (Dang et al., 2022; Fan et al., 2022). 

Therefore, in this study, a computer vision-based method for determining the crack width 
of a concrete surface that can be employed in a tunnel was provided and evaluated in terms of 
applicability and performance. The proposed measurement method was given to overcome 
the limitations of the RGB-D camera and to increase its usability, and it was compared and 
examined in terms of application and performance with the conventional approach. 


2 MEASUREMENT METHODS 


2.1 Measurement procedure based on segmentation 


Computer vision-based crack measurement basically consists of four steps: image acquisition, 
crack detection, classification, and measurement (Figure 1). The obtained image is divided into 
crack and non-crack parts through a segmentation algorithm. When two or more cracks are 
detected in a single screen, they are classified so that the thickness of each can be obtained. The 
thickness of the classified crack is derived through image processing based on skeletonization. 


RGB Image Segmentation Skeletonization Calculating width 
in pixel 


Figure 1. Schematic process for crack measurement. 


In order to accurately obtain the measured values from crack detection results, two pro- 
cesses are required. The first step is image distortion removal and conversion to a front image. 
The target wall is a three-dimensional space, however, obtained image for use in the measure- 
ment method is two-dimensional. In this manner, the result of transforming a 3D space into 
a 2D image depends on the shooting angle and the degree of distortion of the camera. There- 
fore, it is necessary to transform a three-dimensional space into a two-dimensional plane by 
minimizing distortion. The second step is the calculation of the pixel’s actual size. Since 
a digital image consists of an array of N by M pixels, it is difficult to obtain the horizontal 
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and vertical actual length of a single pixel from the image without any reference. Therefore, it 
is important to determine the size of a pixel using external factors addition. 


2.2 Method for using Field of view (FOV) 


One of the easiest conventional methods to utilize is the method using working distance. It is 
feasible to estimate the size of a pixel based on the FOV and shooting conditions of the 
camera. The camera presents an image with the same resolution regardless of the distance, 
and as the distance increases, the image contains a wider real-scale area. For example, if a 1m 
x Im wall is captured from a specific distance using a camera with a resolution of 3,024 x 
3,024 pixels, the size of the area occupied by one pixel can be mathematically determined. The 
main assumption that must be absolutely adhered to in this method is that the image must be 
obtained from the exact front. 

For this purpose, additional equipment such as a laser or ultrasonic rangefinder was utilized 
to enable measurement at the same distance, and crack detection was performed by acquiring 
an image inside the tunnel (Kim and Lee, 2018). In summary, the method for using FOV is to 
derive the actual size of one pixel using the relation between the working distance and reso- 
lution and then multiplying the width in pixels obtained from the results of image processing 
to achieve the actual crack width. 


2.3 Proposed measurement method 


Regarding the spatial specificity of the tunnels, the method using the FOV has limitations. 
First, the method using FOV has strengths in terms of investigation speed and convenience of 
application. However, since the analysis is performed on the assumption that the photograph 
is taken from the front, there is a problem in that the measurement accuracy varies greatly 
depending on the shooting angle and the working distance. To address issues, it is required to 
develop a crack quantification method that is less affected by shooting conditions without 
installing additional instruments. 

Therefore, in this study, a measurement method based on an RGB-D camera is presented. 
Intel® RealSense™ D435i (Figure 2), which provides RGB and depth images simultaneously, 
was used. The procedure for obtaining the crack width through this camera is shown in Figure 3. 


Figure 2. Intel® RealSense™ D435i. 


The RGB image defines the location of the cracks, and the depth image serves to convert 
the 2D RGB image to 3D. Therefore, it is possible to measure the crack width in real scale by 
using these two images and transforming them into 3D coordinates. In specific, for crack 
quantification, a segmentation process for crack detection and a three-dimensional coordinate 
transformation process for calculating actual values of cracks should be performed. First, the 
detecting cracks process refers to the process of separating cracks and background areas using 
computer-vision (CV) based deep learning algorithms. Considering the morphological charac- 
teristics of cracks, a segmentation algorithm suitable for the cracks can be used. Second, 
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Figure 3. Crack quantification flowchart. 


convert three-dimensional coordinate process means converting (u, v) coordinates from RGB 
image and (d) coordinate from depth image into three-dimensional (x, y, z) coordinates. The 
converted coordinates are defined as: 


x= — “xd (1) 


depth scale (3) 


where cy, c, = camera principle point; fy, fp = camera focal length. 

Those four types of parameters are camera intrinsic parameters. For the quantification of 
cracks, coordinate information of points other than cracks is not required, so a filtering pro- 
cess is performed based on the segmentation result. Finally, all coordinates of the points cor- 
responding to the crack part can be obtained, and the distance between the two points can be 
calculated through commercial software such as cloudcompare. Additionally, it is possible to 
derive the width, which is a crack evaluation factor, through image processing such as edge 
extraction, skeletonization. 

However, given that the minimum width of a crack to be identified in a tunnel for condition 
evaluation is 0.1mm, the inadequate resolution of the equipment used in this study must be 
addressed. Therefore, in this study, we propose a method to improve measurement accuracy 
by increasing resolution to both the RGB image and the depth image. First, in the case of 
RGB images, it is essential to distinguish between the crack and the background. Figure 4 is 
a concrete crack image with a resolution of 256 x 256 pixels, which was used for training 
deep-learning algorithm. As shown in Figure 4, most crack images have non-linear character- 
istics, with the boundary between the crack and the background being difficult to define. 
Accurate crack measurement necessitates highly accurate crack detection. As a result, the 
SRGAN (Ledig et al., 2017), which helps to increase resolution with high quality, was applied 
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256 pixels 


Figure 4. Schematic RGB crack image in the concrete tunnel. 


for non-linear interpolation. Through this, the boundary between the crack and the back- 
ground was further accurately identified. On the other hand, in the case of the depth image, 
since the inspection target is a concrete wall, linear interpolation was applied to supplement 
the quantification method. 


3 EXPERIMENTS 


3.1 Experimental setup for training networks 


To implement the measurement method proposed in this study, it is necessary to train the seg- 
mentation algorithm and the SRGAN. DeepCrack (Liu et al., 2019), SDNET2018 (Maguire 
et al., 2018), Mendeley datasets (Ozgenel, 2018), CSSC database (Yang et al., 2017), Eugen- 
Muller dataset (Morgenthal and Hallermann, 2014), Volker dataset (Volker et al., 2015) 
includes a variety of concrete crack RGB images and labeled data. The presented dataset was 
used for training, and software such as ImageAnnotation was used for datasets lacking label 
data. Each algorithm was trained and verified with a handout-type training method using 
a total of 5,356 concrete RGB images and labeled images. 


3.2 Experimental setup for validation 


The RGB-D camera utilized in this study is a combination of an infrared and an RGB 
camera, and there is a difference in the resolution of the two outputs. The resolution of the 
RGB image is 1920 x 1080, and the resolution of the depth map derived through the infrared 
camera is 1280 x 720. For coordinate transformation, the size of the image was adjusted 
according to the depth map, and a method using the provided resolution was defined as 
a baseline. 

The experiment was performed on the same crack by defining a total of three methods: 
Baseline, Method-1, and Method-2. Method-1 is a methodology to improve resolution by 
applying linear-interpolation to both RGB image and depth image based on the Baseline. In 
addition, the method of applying non-linear interpolation to the RGB image proposed in this 
study and applying linear-interpolation to the depth image was defined as Method-?2. 


4 RESULTS AND DISCUSSIONS 


This study aimed to propose a measurement method with a low error rate by using an RGB- 
D camera. Since the quantification method includes a filtering procedure based on the crack 
detection result, the segmentation network used CGNet (Wu et al., 2019) to compare the per- 
formance of each method. The segmentation accuracy of each method is shown in Table 1. 
The segmentation accuracy was evaluated using the indexes of pixel accuracy, mean accuracy, 
and mean intersection over union (IoU), and the crack IoU was additionally considered to 
determine the detection accuracy of the crack area. Through these results, it can be confirmed 
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that super-resolution is helpful in improving crack detection accuracy. And the results of 
applying each method to improve resolution on the equipment used in this study are shown in 
Figure 5. It can be confirmed that Method-2, which applied non-linear interpolation to RGB 
images and linear interpolation to depth images, generated more accurate results than the 
other two approaches. 


Baseline Method #1 Method #2 [Proposed] 
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je 
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Figure 5. Crack segmentation results of each method. 


Table 1. Crack segmentation accuracy of each method. 


Method Pixel accuracy Mean accuracy Mean IoU Crack IoU 
Baseline 98.259 91.394 84.295 70.405 
Baseline+SR 98.574 92.757 86.732 74.953 


Baseline 4 mm Baseline 


Method #1 Method #2 


0.24 mm 


Figure 6. Point cloud result of the crack area. 


Since the 3D coordinates for the crack area are derived based on the crack detection results, 
segmentation performance must be ensured preferentially. In the case of the Baseline, it can 
be seen that the detection performance for micro-cracks is poor. This is because there are not 
enough pixels allocated to the micro-cracks. By increasing the resolution, it can be solved by 
increasing the number of pixels allocated to small objects. However, if the resolution is 
enhanced using the linear-interpolation method, the interface between the crack and the back- 
ground may be difficult to detect, resulting in crack overestimation or underestimation. There- 
fore, for precise crack quantification, it is necessary to apply a crack detection process based 
on a non-linear interpolation method. The difference in the interpolation method of the RGB 
image ultimately causes the difference in the crack width as shown in Figure 6. In addition, 
through experiments, it was confirmed that the size of one pixel in the Baseline was 
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approximately 0.47 mm, whereas, in the case of methods using interpolation (Method-1, 
Method-2), the size of one pixel was reduced to about 0.24 mm. This leads to the effect of 
lowering measurement error when using this equipment. 

To confirm the quantitative performance of each method, an experiment was conducted on 
a virtual crack with a known crack width. Specifically, the experiment was performed by 
defining two cases for the crack shape and crack width, respectively. The results of applying 
each method for a total of four crack cases are shown in Figure 7, and the crack widths 
derived when each method, including the FOV method, is applied are shown in Table 2. 


0.5 mm Crack 


Figure 7. Crack quantifying results (B: Baseline, M-1: Method-1, M-2: Method-2). 


Table 2. Maximum crack width results. 


Target crack width 0.5 mm 1 mm 
Measurement Method F B M-1 M-2 F B M-1 M-2 
Case 1 Width [mm] 1.92 1.89 1.42 0.71 2.40 2.35 2.12 1.18 


Case 2 Width [mm] 2.799 2.514 2.038 0.721 2.799 2.514 2.471 1.414 


* F: FOV method, B: Baseline, M-1: Method-1, M-2: Method-2 


The crack width in the input image is derived through the number of allocated pixels and the 
size of each pixel. The smaller the size of one pixel, the more the number of allocated pixels can 
be increased, which directly affects the accuracy of crack quantification. First, there is 
a difference in the size of one pixel depending on the method used for measurement. The size of 
one pixel in the method using FOV can be derived by considering the camera resolution and the 
working distance of 40 cm, and the size is 0.48 mm. This showed a value similar to the baseline 
in this experimental condition taken from the front, and when there is a change in the shooting 
angle, the error increases. In addition, since the difference between this and baseline is the 
method of deriving one-pixel size, the width is calculated by multiplying the number of pixels 
corresponding to the width by the size of one pixel based on the segmentation result of the base- 
line. Next, baseline, method-1, and method-2 are methods of deriving a single pixel size using 
a depth map. There is a slight difference in the size of one pixel depending on the position, but 
on average, the size of one pixel of the baseline is 0.47 mm, and the one-pixel size of the other 
methods is approximately 0.24 mm. This difference in size of one pixel affects the measurement 
accuracy and margin of error, which is also related to the number of pixels assigned to the width. 

Second, depending on the resolution of the input image used for segmentation, there is 
a difference in the number of pixels allocated to the width and the precision. Based on the 
same detection target, more pixels are assigned to the crack width in the high-resolution input 
image, which can also be confirmed through the baseline and method-1 width results. Both 
methods were overestimated compared to real cracks in terms of detection, but the margin of 
error was reduced in method-1! by the difference in assigned pixel size. In addition, the reso- 
lution improvement using non-linear interpolation contributed to the improvement of segmen- 
tation accuracy, which means that the number of pixels assigned to the width of the detection 
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target is derived more accurately. As such, it can be confirmed that the measurement method 
using depth map-based non-linear interpolation proposed in this study not only improves 
detection performance, but also reduces the measurement error range by increasing the 
number of assigned pixels for cracks. 


5 CONCLUSIONS 


Continuous safety management of various geotechnical infrastructures is essential for the 
long-term use of structures and the safety of users. To improve the objectivity of this work, 
not only computer vision-based crack detection but also an effective crack quantification 
approach must be researched. In this study, a method to obtain the crack width of a concrete 
surface based on computer vision that can be used in a tunnel is presented and reviewed in 
terms of performance and applicability. A method for decreasing measurement error by boost- 
ing the resolution of the input image was proposed to overcome the limits of the utilized meas- 
uring equipment and increase usability. Non-linear interpolation performed better at crack 
segmentation in RGB images, indicating the prospect of more precise measurements. 

The method used in this study confirmed that the performance improved through visual 
comparison and comparative study of measured values through crack width. However, since 
comparison with the actual crack width is not performed, additional verification through 
quantitative performance comparison is required. Therefore, an experimental approach to the 
measurement accuracy and precision of the measuring method given in this work is required 
in future studies. Furthermore, the measurement accuracy shows a result dependent on the 
segmentation result. Therefore, in order to improve crack measuring accuracy, crack detection 
performance must be supplemented, and additional research on a strategy to further reduce 
the size of one pixel is required. 
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ABSTRACT: The Réseau Express Métropolitain (REM) by la Caisse de dépôt et placement 
du Québec (CDPQ) is a major transit project in Montréal, Canada. The automated LRT 
system will include 26 stations connected by 67 km of track. A section of the REM goes 
through the 5 km long existing Mount Royal Tunnel which was completed in 1917. The south- 
ernmost 540 m of the tunnel was constructed using a clever double arch consisting of plain 
concrete precast segments. A 92 m length of which was not in an acceptable condition after 
100 years of deterioration and required replacement. This paper describes the implementation 
of an innovative sequential demolition and replacement method that was performed com- 
pletely underground and coined “The Sequential Demolition Method”. The design was devel- 
oped by Hatch with the Joint Venture CIMA + HATCH (CCH) retained by REM to oversee 
implementation by the NouvLR on a cost reimbursable approach. 


1 BACKGROUND 


The Réseau express métropolitain (REM) is a major public transport project in Montreal, 
Quebec, Canada; a new automated light rail network that will include 26 stations and span 
the greater Montréal area with 67 km of new tracks (see Figure 1). The REM is the largest 
public transit project undertaken in Québec in the last 50 years. The first trains are expected 
to start running in late-2022 from the South Shore to Bonaventure-Central Station; followed 
by the other branches of the network that will be gradually put into service in 2023-2024. 

A section of this LRT network goes through the existing Mount Royal Tunnel (TMR) that 
was built in the early 1900s (Busfield, 1919). This 5 km long tunnel connects the downtown 
area with the north side of Montreal, passing under Mount Royal (see Figure 1). The south- 
ernmost 540 m of the TMR was constructed through mixed-faced conditions (soil overlying 
limestone bedrock) using a clever double arch consisting of plain concrete precast segments 
(see Figure 2). The precast segmental blocks were founded on rock or concrete benches below 
the bedrock surface to form a gravity supported double arch in the soft ground and weathered 
rock areas. A centre wall utilizing riveted structural steel columns and double channel lintels 
acted as a mid-span support. 


2 EXISTING DOUBLE ARCH TUNNEL 


During the original construction of the TMR, the 540m long double arch lined southern por- 
tion of the tunnel was mined through mixed ground with alluvial soils overlying limestone 
bedrock using a jacked crown shield. 

After 100 years of continuous operation since construction, the condition of the TMR was 
expected to require repair and upgrade for conversion to an LRT facility. In particular, the 
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double arch section is directly beneath McGill Avenue with relatively shallow soil cover. How- 
ever, due to access limitations during operations, knowledge of the pre-REM construction con- 
dition of the existing tunnel was incomplete and could not be fully assessed until after award of 
the contract to NouvLR (a construction joint venture composed of SNC-Lavalin, Dragados, 
Aecon, Pomerleau, and EBC). This represented an acknowledged schedule risk for the potential 
of extra work to the program if significant remedying of the tunnel condition proved necessary. 


Figure 1. REM key plan in montreal showing location of the double arch tunnel within the TMR. 


Figure 2. Drawing and photograph of 110 year old plain precast segments in TMR double arch tunnel. 


Once operations of commuter trains were suspended to allow construction and full access 
to the tunnel was permitted, detailed inspections and strength assessments concluded that the 
South Section (92 m length) was not in an acceptable condition after 100 years of deterior- 
ation caused by infiltration of chloride laden groundwater. It was then decided that this 
92 m long south section needed to be completely replaced and is the subject of this paper (see 
Figure 3). This replacement length was significantly shorter than originally suggested by the 
contractor’s designer. Another 290 m length of the tunnel, located north of the future McGill 
Station was also affected by infiltration of chloride laden groundwater, but was felt to be in 
an adequate condition to be remedied using observational rehabilitation methods. The 
92 m and 290m long efforts are summarized in Kramer et al (2022) and Tremblay-Laforce 
et al (2022) respectively. 
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The overburden soils in the mixed ground conditions for the TMR South Section can be 
generally characterized as interlayered till deposits consisting of surficial fine-grained layers 
that become progressively coarser with depth. Ground cover above the tunnel crown varies 
from 9 m (north end) to 7 m (south end). These soft ground conditions mandated the use of 
a fully lined tunnel support. The bedrock is a shaley limestone with its surface about 1.5 m to 
3 m below tunnel crown. The rock mass is jointed with sub-horizontal bedding planes and 
orthogonal sub-vertical orthogonal jointing with spacing of several meters and is generally 
considered a competent material with ISRM R4 strength (see Figure 4). The groundwater 
table generally follows the bedrock surface. 
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Figure 3. Extent of double arch TMR beneath McGill avenue showing rehabilitated length (at Left) 
and replaced 92 m length (at Right). 


Figure 4. Geotechnical profile of 92 m long south section of TMR double arch tunnel. 


3 THE “SEQUENTIAL DEMOLITION METHOD” 


During the options identification and assessment process, a unique underground tunnel replace- 
ment method was conceived and developed that took advantage of largely existing tunnel tech- 
nologies that were used in new ways to successfully replace the existing tunnel (see Figure 5). 
The method involves installation of a canopy of grouted pipe spiles in an arch pattern above the 
envelope of the existing double arch. The canopy installation is then followed by limited length, 
progressive spaced double arch demolition closely spaced with trailing steel rib installation. 

The approach shown in Figure 5 is somewhat akin to the Sequential Excavation Method 
(SEM) as the work did involve ground excavation below the canopy spiles and above the 
double arch structure. However, the sequence of canopy installation followed by progressive 
and closely spaced double arch demolition with trailing steel rib installation prompted the 
coining of the term the “Sequential Demolition Method”. 

Traditionally, SEM would likely use steel lattice girders and shotcrete in a sequence to sup- 
port a series of smaller excavations and this was originally considered. However, the shape of 
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the double arch, limited reliability regarding the in situ double arch strength and stress redis- 
tributions associated with smaller SEM style excavation openings meant that the demolition/ 
replacement sequence would need to advance at full span over the double arch. Further, shal- 
low ground cover above the tunnel would achieve less ground arching effects that SEM relies 
upon. Instead, more reliance was placed on the transfer of ground support from the double 
arches to the canopy spiles and steel ribs. This meant that it was imperative for work sequen- 
cing to keep the support installation as close as possible to the demolition face. 

The potential project schedule impacts of this additional work mandated that the method be 
developed expeditiously in a compressed four-month detailing and procurement process which 
would be immediately followed by its implementation. To accomplish this during the early waves 
(pre-vaccine) of the COVID pandemic, the design process did not rely upon extensive numerical 
modelling but rather on the basis of experience and tried and true analysis methods (e.g. Proctor 
and White (1977), using statically admissible load path systems etc.). A significant part of the pro- 
cess were extensive and co-operative constructability and procurement discussions with the con- 
tractor (NouvLR) to source and select readily available materials and means and methods. 


Figure 5. Isometric view of double arch replacement scheme for the TMR. 


4 DESIGN 


4.1 Demolition and support installation sequence 


The demolition and replacement advances were performed using full double arch width span 
in 8 m long sequences. Each sequence began with installation of an arched canopy of 
12 m long, grouted pipe spiles above the existing double arch. The pipe spiles were installed in 
a fan or splayed pattern outside of the existing double arch envelope and the new single arch 
tunnel envelope. This resulted in a 10.5 m excavation/demolition arch span at narrowest (first 
rib in the sequence) and 11.9 m at widest (last rib in the sequence). A total of 12 sequences 
would be necessary to complete the replacement of the 92 m south section shown in Figure 6. 
Within each sequence, replacement was accomplished in seven rib advances. Each 1.2m long 
rib advance involved demolition of the precast double arches followed by erection of a single arch 
structural steel rib set tight to the overhead pipe spiles. Shotcrete infill between the steel ribs was 
completed prior to the next 1.2 m advance. Canopy arch spiles would span the gap between the 
demolition face and the trailing installation of steel ribs and shotcrete lining during each rib 
advance. The spile installation, arch demolition and rib installation sequence is shown in Figure 7. 


4.2 Steel rib selection 


The design of the system was largely based on relatively standard structural frame analyses 
using SAP2000 Software to analyze the steel ribs as linear elastic flexural/axial elements when 
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Figure 6. Profile view of the demolition and support sequence for the south section of the TMR. 


subjected to vertical and lateral overburden pressures, surcharge and hydrostatic loads. The 
structural models included lateral resistance using compression only springs above the base of 
rock and full lateral restraint below the rock using fixed lateral supports. The structural capacity 
was based upon the CSA S6 Bridge Code employing a load factor of 1.25 for ground loading. 

To control ground movements below street utilities and to spread footing foundations of 
adjacent buildings, the new structure would need achieve both strength and stiffness nearly 
immediately after installation. Installation of multiple layers of shotcrete with lattice girders 
and the time required for strength and stiffness gain would simply not meet the needs of the 
sequence. Further, the largest lattice girder readily available in North America, even at very 
tight spacings, would not be able to provide the bending strength necessary to support the 
span. Structural analyses for different spacing and sized ribs and lattice girders (all encased in 
shotcrete) determined that W310x129 (W12x87) steel shapes at 1.22 m spacing and 
a minimum yield strength of 350 MPa provided required capacity. 


4.3 Rib detailing 


A five-piece arch rib geometry was developed with unique geometric detailing for each of the 
seven ribs in each sequence to expand the height and width of each progressive rib to extend 
to the flaring of the canopy spiles (see Figure 8). This was accomplished by having a common 
crown arch piece for all ribs with unique curved shoulder pieces for each rib. The radii for the 
shoulder pieces of the ribs were too tight for cold bending of the steel shape. Instead, sections 
were fabricated with a web cut to the required geometry for each rib and flanges welded to 
provide a W310x129 shape. All steel was hot-dipped galvanised and a sacrificial corrosion 
thickness allowance for durability. Collar braces with tie-rods were included in the design to 
ensure rib spacing, plumbness and stabilize ribs prior to shotcrete infill placement and during 
strength gain. 

The original intent was to use standard length external vertical legs for all ribs that extended 
down to tunnel invert to ensure adequate bearing conditions beneath them. However, it was 
decided to minimize rock excavation and shorten the rib vertical lengths by allowing them to 
bear on competent rock benches at the side of the tunnel. 

The observed groundwater table lay on the bedrock surface and the ground mass around 
the original tunnel was relatively free draining. This condition gave rise to the chloride laden 
groundwater infiltration into the tunnel that led to the deterioration described previously. To 
address this, a two-pass lining system with umbrella based sprayed-on waterproofing installed 
between initial support and final support shotcrete layers. The possibility of a burst watermain 
or leaking sewers above the tunnel could result in a drop of effective stress and excessive 
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Figure 7. Section @ centreline of double arch showing grouted pipe spile, arch demolition and rib 
installation sequence and waterproofing and final support layers. 


groundwater loading on the lining. To address this, the internal final lining was sized for an 


FHWA trapezoidal groundwater pressure profile applied against the waterproofing layer 
located outside of the final support. 


4.4 Ground movements and monitoring 


Consideration was necessary regarding ground movements and any related impact to buried 
utilities above and two adjacent vintage buildings — one was founded on spread footings in the 
soft ground above bedrock. The anticipated demolition, mining and support installation 
sequence provided input into geo-structural models to estimate movements to the surface and 
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foundation levels of adjacent buildings and utilities (see Figure 9). A conservative maximum 
vertical surficial movement above tunnel centreline of 20 mm was predicted. 


AF 
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Figure 8. Cross section of typical five piece steel rib (Rib 5) bearing on rock benches and typical bend- 
ing moment diagram for five piece steel rib. 


The shallow depth of the new tunnel and the offset of adjacent buildings resulted in ground 
movement predictions of less than 4.5 mm at the underside of closest footing. Application of 
Boscardin and Cording (1989) damage prediction methods indicated only negligible to very 
slight damage. Correspondingly, an observational approach using an instrumentation pro- 
gram was implemented. If ground movements indicated adverse trends, a reduction in canopy 
spile or rib spacing would be considered. Figure 9 shows typical small ground movements 
monitored during construction using multi-point borehole extensometers that occurred with 
each successive rib advance. No modifications to the work sequence were required. 
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Figure 9. Geostructural analysis (RS-2) of ground movements in soft ground above TMR and typical 
vertical movement trend from MPBX at 2 m below grade. 


5 CONSTRUCTION 


It was evident from the start of the process and continued through both design and construc- 
tion of the level of pride that the contractor placed on performing the work in an expeditious 
and quality manner. The demolition portion of the work was achieved 102 days ahead of 
schedule. Construction progress of the work is illustrated in a series of photographs shown 
and described in captions associated with Figures 10 through 12. 
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Figure 10. At left recently demolished double arch at beginning of sequence followed by galvanised 
steel ribs installed tight to double arch at right (Note: Face shotcrete placed on soft ground above double 
arch). 


Figure 11. Installation of the two layers of the sprayed on waterproofing membrane and shotcrete for 
final lining. 
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Figure 12. Placement of final shotcrete layer (Non SFRC). 
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6 CONCLUSION 


Use of SEM style work sequences, steel ribs and pipe canopies are, in of themselves, not neces- 
sarily unique in the industry. However, it is perhaps the expeditious combination of them in 
a demolition/replacement sequence — a grouted pipe spile canopy closely followed by installa- 
tion of full span steel ribs with shotcrete infill to provide immediate strength and stiffness to 
continuously support the demolition/replacement process below it - is what represents 
a unique application and innovation. In some respects, what is old is new again. 
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ABSTRACT: Worldwide construction companies are suffering from the lack of getting 
skilled and experienced workers for the production of lining segments for TBM-driven tun- 
nels. For many years the focus was on how to reduce manufacturing costs, but now its solely 
about getting required staff. As this was getting more and more important, Herrenknecht 
decided to invest in automation systems for the segment production. Such systems are now in 
place and proving that a significant reduction of labour is possible without reducing output 
and quality requirements. 


1 INTRODUCTION 


Since 2018 Herrenknecht AG — Division Formwork — is working intensively on the automa- 
tion of segmental lining production. The first pilot project using automated systems was real- 
ized for MARTI Tunnel AG in Klus/Switzerland. A 3-axis-gantry portal was designed and 
erected, covering all positions on the working line of the existing production carousel. The 
robot — hanging upside down — did all works like opening the mould, cleaning and oiling, pla- 
cing inserts and closing the mould. 

Based on the experiences gained in this 18-month lasting successful production, Herrenknecht 
AG developed further automation like: hydraulically opening and closing moulds, robots for 
cleaning and surface finishing, Laser-check of mould tolerances, integration of concrete sensor 
regulated heating systems and optical cameras for surface checks using artificial intelligence. 


2 STATE OF THE ART 


As different automation applications have proven their advantages and durability, more and 
more segment producers are relying on such automation tools. These are in detail: 


— Fully hydraulically opening and closing of the moulds; 
— Cleaning and oiling of the moulds with a robot system; 
— Surface finishing of young concrete with a robot system. 


The hydraulically operated mould allows to avoid the use of any bolts. In less than 30 
seconds all covers and side walls are open. This enables segment producers to speed up the 
whole process on the working line. 

The hydraulic steering block applies always the exact pressure, so no deformation or side 
wall movement is possible. Casting and curing, even in a heated tunnel, are not having any 
bad impact on the dimensions and tight tolerances. 

Further, segment producers reported less maintenance on the moulds as no bolts/threads 
can’t be damaged due to mishandling. 
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Figure 1. Carousel plant with robots. 


Figure 2. Hydraulically operated mould. 


Cleaning the moulds with a robot has proven as a perfect solution. The robot cleans the 
mould fast and accurate. A minimum of follow up works are necessary. Different types of 
brushes are available for different purposes. 


Figure 3. Robot cleaning & oiling. 
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After the cleaning process the robot picks up another tool. The quick coupling system 
allows to change the tool within seconds. 

After cleaning, the remaining dust will be blown out of the mould and the oil/release agent 
will be applied. The hydraulic system closes the side walls after the cleaning on command by 
the SPS system. 

After casting of the concrete segment, the surface has to be leveled and finished. This pro- 
cess was always quite demanding for the workers. By using a robot system with a rotating 
pipe, this process has become much faster and more accurate. 

The robot gets a command from the SPS system advising which type of mould is next. There 
for typically RFID tag and reader will be used. Based on this information the finishing process 
starts. 

The rotating pipe has several advantages: 


The perfect height of the concrete element will be maintained; 

The rotating pipes transports surplus material to the top; 

— During this voids and honeycombs will be filled with mortar; 

— The rotation of the pipe creates an excellent density of the surface; 
— The complete process takes less than 3 minutes; 

— The pipe will be cleaned with water right after use. 


Figure 4. Robot supported finishing. 


3 USE OF LASER SENSOR TECHNICS 


Laser sensors are using the principle of the triangulation. A laser beam will be sent and the 
object will send a response in a certain angle. This allows to calculate the distance exactly. 
This principle will be used now to check the width of a segment mould before it will be casted. 
That allows to avoid the casting of segments where the mould is not properly closed and 
subsequently the segment will be casted out of tolerance. This saves money and time. At the 
beginning of the segment production, the reflector has to be adjusted/set on a certain value. 
For example, to 100 mm distance between laser sensor and reflector. If the measurement shows 
now exactly this value, the mould is properly closed. 3 sensors on each side of the mould are 
checking this value. Means, even when the mould is shifting on the rails, if one side will show 
99 mm and the other side 101 mm, the width of the m mould is still ok. As the sensors are 
located in different heights, even an estimation of the angle of the side wall can be calculated. 
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Laser sensors can also be used for other applications. For example, to check the position of 
inserts, or to check the position of the mould on the working line. Measured values can also 
be recorded in the Data Management System (SDS) for Quality checks and segment history 
(traceability). 


Figure 5. Laser sensor for width check. 


4 ARTIFICIAL INTELLIGENCE 


Definition: Artificial intelligence is the simulation of human intelligence processes by 
machines, especially computer systems. 

This means a computer will be feed continuously with information. An algorithm works 
with this information and gives a command. By feeding the computer with more an more real 
information the algorithm will improve his decision. 

We tested the Artificial Intelligence method to check the concrete surface before and after 
finishing with rotating pipe mounted on a industry robot. 


Figure 6. High resolution cameras. 
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Three optical cameras with edge device were mounted on a steel girder above the mould. 
The high-resolution cameras were taking pictures before and after the finishing process with 
the rotating pipe. The setup was installed for about 2 months. 300 segments were pictured at 
a resolution of 1.8 to 2.3 Pixel/mm. 

The target was if the system can detect small holes/voids in the concrete surface after the 
first finishing process. If such holes were detected the system gave the command to finish once 
again the surface with the rotating pipe to improve the quality of the surface. 

By using different methods (structural detection, machine learning, etc.) a model was devel- 
oped to detect potential failures in the surface. With the Deep Learning method (marking fail- 
ures by hand) the system learned typical features/characteristics of failures. These pictures are 
showing the original photograph and below the result of the detected holes. 


Figure 7. Recorded surface and annotation of holes. 


Figure 8. Before and after finishing. 


After detecting a hole, the next step is to decide if the hole must be closed (maybe according 
project or local concrete standards). The machine must be trained on this. Means at the begin- 
ning the operator has to decide what is acceptable or not, or what is inside the boundaries of 
the standards or not. 
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Once the whole setup was in place and the learning process was sufficient to make proper 
decisions, the system was running for about 2 months. About 70 % of all segments didn’t 
require a second finishing process. For the remaining 30% the system gave a recommendation 
to finish the surface again and the result was satisfying. 

Such camera systems with Artificial Intelligence can be used in several areas of the segment 
production. For example, to check the rebar cage (position, concrete cover, etc.). Another 
application would be the check if all inserts are screwed in and the gasket is in the correct 
position before casting the segment. 

Herrenknecht was using this camera-based system already on a TBM segment feeder. Seg- 
ments were checked on the occurrence of cracks or damages before they were sent to the 
erector to be installed in the tunnel. 


5 CONCRETE SENSORS 


The availability of concrete sensors with data transfer tool led to another idea for automation. 

For example, the company Concrefy(R) from the Netherlands provides a sensor which can 
be placed on the segment surface or can be implemented in the side wall of the mould. 

The sensor measures the actual temperature and sends the information to the operators’ 
desk top PC or Smart Phone. By using a pre-determined maturing curve, the software shows 
the actual early concrete strength. 

First of all, this gives the operator a good impression if the demoulding strength is already 
achieved. The temperature measured at the surface of the segment will always be less com- 
pared to the temperature in the core of the segment. Subsequently the strength development at 
the surface will always be less compared to the core of the segment. Means the value on the 
Smart Phone is always on the safe side. 

Secondly this information can also be used to 


— Optimize the concrete mix 
— Optimize the heating energy 


Both can lead to a significant cost saving and/or reducing the CO2 emissions. 


Figure 9. Concrete sensor on surface. 


In respect of the heating energy, the idea is to equip several moulds with a concrete sensor 
and send the real time information to the Concrefy software. Bases on the development of the 
concrete strength the software can send a command to the heating system SPS and adjust the 
heating energy accordingly. 
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Figure 11. Adiabatic curing of samples for calibration curve. 


Measurement 


Figure 12. Real time strength development. 
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Actual strength on the Smart Watch 


Figure 13. System for automated heating energy regulation. 


6 WHAT'S NEXT? 


The level of automation has been increased over the last years. Reason for this is mainly the 
lack of skilled personal and high labor costs. Additionally, the higher safety level is an argu- 
ment for many segment manufacturers. 

But the replacement of labor could also lead to a higher efficiency of the segment plants. 
Means, automation can also reduce working time and subsequently reduce the cycle time. 
With latest concrete and curing technologies — in combination with adequate test equipment 
like the above-mentioned concrete strength sensors — shorter cycle and curing times are likely. 
So the next steps are to evaluate the bottle necks and start to eliminate them. 

Once this is done, cycle time of less than 6 or 5 minutes are feasible. This could lead to a 20 
or 30 % higher output of the segment plant. Especially for long term productions this could be 
a real benefit. 

Herrenknecht will continue working on Artificial Intelligence/Machine Learning systems. 
We will also have a deeper look in the automated rebar cage manufacturing. Especially in 
times of very high raw material costs, this seems to get more and more important. 
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New products for rapid refurbishment of existing tunnels 
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ABSTRACT: Underground infrastructures are becoming more and more of utmost import- 
ance for designer, construction companies and suppliers as it is necessary to adopt new 
approaches to build durable infrastructures and to refurbish the existing ones with rapid and 
efficient methods. 

It is important that the construction products are engineered to satisfy the main urgent and 
long-term objectives, such as mechanical properties and durability under the specific condition 
of use, and to match the required timing necessary to fulfill the goals under safety conditions. 
Under these conditions, the producers of construction chemicals must provide certified cut- 
ting-edge technologies, including pre-bagged mortars for bolting, light weighted products with 
fast development of mechanical properties, waterproofing systems able to contrast and 
manage water inflows, in combination with solutions to refurbish concrete even with heavy 
thicknesses. 

It is clear that a strict relationship between designer — construction company — chemical 
producer is mandatory to fine-tune innovative solutions that can benefit the development and 
finalization of all phases of a complex system. 


1 BACKGROUND 


1.1 Underground structures: Exposure to life reducing agents 


Existing engineering structures in general, and underground concrete structures in particular, 
are exposed to many types of damages and deterioration due to different causes and exposure 
conditions during their life cycle, which reduce the resistance of the structural members by 
affecting building materials and structural systems. 

There are several possible deterioration mechanisms, chemical — physical — mechanical, 
which include: 


— Corrosion: Corrosion occurs from an electrical reaction within the concrete matrix. Expos- 
ure to oxygen and moisture are required for corrosion to occur. The electrical reaction 
causes the iron in the steel to oxidize. As the steel oxidizes, it expands, inducing tensile 
stresses in the surrounding concrete. 

— Exposure to chlorides: Chlorides are normally introduced to concrete structures through de- 
icing salts or sea water. Once the chlorides combine with oxygen and moisture, corrosion of 
the steel occurs. 

— Carbonation: the carbon dioxide and moisture in the surrounding air penetrate into the 
pores of the concrete and lower the level of pH to values close to neutral. In such conditions 
the reinforcement rods may corrode. 
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— FreezelThaw: it’s the process that occurs when moisture within the pores of concrete freezes 
and expands. The expansion causes tensile forces to develop within the cement, causing 
cracking and scaling of the concrete. For freeze/thaw to occur, both moisture and freezing 
temperatures must be present. Freeze/thaw damage is more relevant when the concrete is 
exposed to cyclic freezing and thawing. 

— Abrasion, impact, erosion, cavitation: physical mechanisms that lead to a constant degrad- 
ation of the structure. Constant flow of water through joints and cracks, or the flow of 
water in hydraulic tunnels are an example of these phenomena. 


1.2 Refurbishment of existing structures 


Refurbishing and protecting a concrete structure is an operation that requires specific know- 
ledge in all its phases, from preliminary investigations to evaluate the state of the work until 
the realization of the intervention, to be carried out with techniques and suitable materials. 

MAPEI has developed a dedicated product line to support owners, designers and construc- 
tion companies to address all the potential refurbishment cases which might be encountered, 
such as: 


— Filling of voids behind the lining; 

— Structure waterproofing; 

— Management of water inflows; 

Treatment of concentrated/diffused concrete damages; 

— Treatment of exposed rebars; 

— Improvement of the behavior of the structure against fire. 


It has to be considered that many of the interventions might be realized with a limited possi- 
bility to close the tunnel to execute the necessary interventions, so it has been necessary to 
study new materials and systems for giving rapid result achievements. 


2 RAPID SOLUTIONS FOR TUNNEL REFURBISHMENT 


In this chapter a representative overview of rapid refurbishment solutions is described accord- 
ing to the best knowledge MAPEI has developed in the sector. MAPEI Research & Develop- 
ment laboratory are constantly working to study new products to approach even new 
renovation conditions 


2.1 Empty volumes behind concrete lining 


During the construction of a tunnel, especially in the past, technologies were not sufficient to 
guarantee a proper filling of all the voids above the tunnel crown. 

It has been detected by inspectors that presence of big voids might be a risk for lining stabil- 
ity and voids are promoting the potential presence of important amount of water in continu- 
ous contact with the extrados of the lining. Furthermore, empty volumes are an obstacle for 
some renewal procedure such as radial bolting, in fact the void can be the artificial drain for 
the grout that must be pumped to fix the inclusion to the rock and to the lining. 

Under the aforementioned conditions, it is necessary to use a proper material to fill the 
existing cavities prior to the execution of the other renewal steps. The existing tunnel lining 
could be subject to limited capacity to absorb extra external load, so MAPEI has developed 
a light weighted, fast strength increasing filling mortar, which enables to fill cavities from few 
injection ports, due to its high flow ability, and to obtain in few hours sufficient strength to let 
the tunnel be re-opened to the traffic. The efficiency of this product line has been proven in 
different tunnel conditions from highway infrastructures to railway systems. The cementitious 
filling mortar can be used in combination with high expansion filling resins to confine the 
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Table 1. Main properties for light weighted fast strength developing filling 


mortar. 
MAPEJET LC MAPEJET LC 30/R 

Density 1.0 — 1.1 ton/m? 1.4- 1.5 ton/m? 
Compressive strength 

At 4 hours 3-4 MPa 4 MPa 

At 24 hours 8-10 MPa 18 MPa 

At 7 days 11-16 MPa 25 MPa 

At 28 days 15-20 MPa 34 MPa 


voids in defined volumes, in order to achieve a compartment injection system. Some of the 
main properties are listed in Table 1. 


2.2 Presence of water through the lining 


Water flowing through the lining for many years is one of the main causes for having a low 
quality concrete subject to continuous erosion and leaching 

This situation can be generated by total lack of waterproofing system installed at the time 
of the construction of the tunnel, by change of the local water table level, by localized dam- 
ages on the waterproofing system. In Figure 1, an overview of possible visible damages of an 
existing tunnel before any interventions. In the following, solutions will be outlined. 


Figure 1. Overview of existing diffused water ingresses through a concrete lining. 


Diffuses leakages: in most of the cases it has been designed to install a waterproofing layer 
during the sequences of concrete renewal which was subject to diffused milling with depth 
according to the concrete conditions. 

Sprayed applied waterproofing membrane and PVC waterproofing systems were installed 
on vaults and sides in order to reduce the permeability of the tunnel, thus improving both dur- 
ability of the tunnel and the safety conditions inside the tunnel. 

In Figure 2, a representative picture of the solutions is shown: both spray applied and PVC 
layers were adopted in a single tunnel according to the substrate conditions after milling. 

Localized water inflows: tunnels might be interested by localized areas where water is flowing in 
the tunnel. The main focus is to channelize the water and, in some situation, to reduce the pres- 
sure of the water insisting on the lining. For this purpose, a rapid solution for drain installation 
has been developed, focusing on the need to install and get ready the system overnight. The 
system deals with a standard drain pipe with an innovative inflatable bag to be placed within the 
thickness of the lining; the bag must be inflated with a 2k polyurethane resin with limited expan- 
sion to 4 times the pumped volume in order to fill properly the bag without risk of clogging the 
whole drain. As a final sealing, it is necessary to apply a layer of thixotropic epoxy grout in order 
to ensure a durable sealing of the drain. Figure 3 shows two steps of drain installation as a result 
of which water is flowing inside the tunnel through the drain pipe. 
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Figure 3. Rapid method for drain installation. 


Localized water inflows to be stopped: some water leakages cannot be drained and need to 
be sealed, for example where the amount of water is too big to be treated and pumped out 
from the tunnel. 

In these cases, it is necessary to inject the needed point with a procedure which fits the local 
condition encountered, using fast reacting resins which have the property of rapidly expanding 
in the structure thus forcing the water out from the area. 

Following the experience MAPEI has developed in injection for renewal projects where con- 
crete has poor mechanical properties, it has to be considered the use of two component fast 
reacting urea silica resin with a limited expansion in open air up to 4 times the initial volume, 
with the aim of reducing extra pressure on the lining due to confined product expansion which 
might be encountered when high expansion resins are used. In Figure 4, a standard equipment 
set up used during the injection sequence. 
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Figure 4. Two component pump for localized injections. 


2.3 Treatment of concentrated and diffused concrete damages 


One of the most important aspects to be verified and studied is the scenario of the possible 
concrete damages on the tunnel lining. Some of them can be localized, caused by factors 
such as: 


— Presence of localized water inflows which have reduced the concrete mechanical properties; 
— Impact on the structure; 
— Exposed rusty rebars. 


Other concrete damages can be detected with a spread presence along the underground 
structure like: 


instability of the lining 

— diffused carbonation/sulphate/chloride attack 
— diffused honeycombs; 

— fracture systems; 

diffuse joint damages. 


MAPEI has developed specific renewal cycles according to the design specification, using 
high performances mortars combined with admixture which can ensure a fast strength devel- 
opment. Some of the main applications are reported: 

Instability of the lining: designers have studied a complex system of grouted rock bolting 
passing through the existing lining and anchored to the rock. The specific working conditions 
were often influences by the need of achieving a fast strength development of the grouting 
even in harsh winter conditions. For these reason MAPEI recommended two different grout- 
ing products: the fastest urea silicate resin solution and the fast-setting cement based thixo- 
tropic mortar. In Figure 5 the strength development is shown for both products, compared to 
a standard grouting mortar: it is evident how they can be effective in terms of time savings 
without giving up on mechanical properties. 

Diffused and circumscribed concrete damages: in most of the cases, concrete has to be 
removed down to the portion where the mechanical properties are sufficiently good for the 
scope of having a solid support; milling and hydro-demolition are the most common tech- 
niques to remove up to 50-60cm of weak lining. 

To rebuild the whole thickness in most of the cases it’s not possible to install a formwork 
due to the described conditions for an infrastructure which has to reduce as much as possible 
the downtimes. 
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Figure 5. Strength development of grouting products at different temperatures. 


Spray applied solutions are the most preferred ones and to achieve the fastest completion of 
the thickness restoration, it is often designed to employ high quality shotcrete technologies 
with the use of proper superplasticizers, admixtures with pozzolanic activity, micro fibers to 
enhance passive fire resistance, macro polyolefin fibers with high creep behavior to get a long 
durability of the shotcrete and, of course, the use of high-quality alkali free shotcrete 
accelerator. 

When special performances to renew the tunnel lining surface are required it is necessary to 
address the process with pre-bagged certified high performances mortars, with thixotropic 
behavior in order to be able to restore the thickness even overhead. This kind of mortars have 
been developed to be also used in combination with alkali free accelerators with the aim of 
achieving thicknesses of more than 100mm in one single application sequence. 

Figure 6 gives the reader a visual understanding of the results that can be obtained after 
a renewal cycle, from structural enhancement to a final protective coating. 


Figure 6. Tunnel surface renewal with high performances mortar and protective coating. 
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Figure 7. From pre- to post-treatment with urea silicate-based resin. 


Diffused honeycombs: some of the tunnels where MAPEI was involved, it was detected the 
presence of interconnected voids generated by poor quality concrete and problems related to 
the concrete commissioning. A new approach has been developed to reduce the concrete 
removal, by injecting fast strength development two component urea silicate resin: the com- 
bination of low viscosity, reaction time modularity and a proper injection pattern allowed to 
achieve concrete consolidation. Figure 7 highlights the result obtained after the injection pro- 
cess, in fact the weak and inconsistent concrete extracted from the cores (left) has been con- 
solidated, giving a new structural behavior to the existing lining (right) 


2.4 Improvement of the behavior of the structure against fire 


In order to meet the requirements imposed by national regulations about the improvement of 
safety inside tunnels in case of fire, it has been necessary to consider the application of a spray 
applied mortar able to reduce the impact of the fire on the structure, with just few centimeters 
of material applied in full adhesion on the substrate. The material applied in a thickness of 30- 
40mm is able to reduce the temperature of a hydrocarbon fire from about 1300°C to less than 
380°C at the interface and less than 250°C at 50mm deep inside the structure. 

Of course, these temperatures are below the temperature which can cause spalling phenom- 
ena or damages to the steel reinforcements. 


is 
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Figure 8. Spray applied mortar for passive fire protection. 
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Beside this characteristic, MAPEI focused the attention on the performances of the product 
in terms of compressive strength (about 14MPa) to offer a proper support for external loads 
to be installed on the surface and to reduce tunnel damages in case of vehicle impacts. 

In Figure 8 a cross section of a tunnel brick lining with the passive fire protection mortar 
layer, and an overview of a rail tunnel fully protected by the mortar. 

Figure 8 is the overall view of the result, even aesthetic, that can be obtained after refurbish- 
ment process of any kind of tunnel. 


Figure 9. Tunnel after full refurbishment. 


3 CONCLUSIONS 


Refurbishment of existing tunnels is a subject in continuous evolution due to the extensive 
case studies which might be encountered. Owners of the infrastructures must reduce to the 
minimum closures or traffic restrictions. 

In this contest a strict relationship between infrastructure owner — concessionaire - 
designer — construction company — chemical producer is of utmost importance to promote 
long lasting, rapid and innovative solutions that can benefit the development and finalization 
of all phases of a complex system. 
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ABSTRACT: The fully grouted rock bolt is used extensively as a ground support element 
within various underground projects. The physical testing of available research is largely 
focused on small embedment length samples as historic monitoring techniques and technolo- 
gies have noted limitations as it pertains to capturing the mechanical behaviour of longer sam- 
ples. To address this gap, the authors have developed a monitoring technique using fiber 
optics. This methodology captures the axial response by producing a continuous strain profile 
along the length of the rebar as well as the representative confining medium across a wide 
range of loading. This paper summarizes the results of a robust laboratory investigation to 
determine the impact of rib spacing arrangements as well as the size of grout annulus on bolt 
performance as it relates to rock bolt behaviour. The efforts of such results will be used to 
improve rock bolt support lengths for ground design purposes. 


1 INTRODUCTION 


In modern tunnelling, a wide array of support solutions are utilized to ensure the stability of exca- 
vations. These directly combat the challenges of the more complex and unfavourable geological 
and stress conditions, including stringent settlement requirements due to surface and subsurface 
infrastructure. One such element that is used extensively is the fully grouted rebar rock bolt, 
which can be seen in Figure 1. A deeper understanding of the behaviour of these support elements 
is required as designers create more advanced numerical simulations, utilize long-term monitoring 
and require optimization to meet the presented design challenges while remaining efficient. 


1. Forepoles 
2. Shotcrete 
3. Grouted 
fiberglass 
dowels 
4. Steel sets 
5. Inverted 
struts 
6. Shotcrete 
8. Inverted 
lining 


Figure 1. Rock bolts, amongst other common support elements (modified after Hoek 2006). 
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Figure 2. Research program depicting scale and ensuing investigations (Vlachopoulos 2017). 


Technology has limited this deeper understanding of the behaviour and mechanics of the 
fully grouted rock bolts. These support elements feature complex strain distribution patterns 
which are difficult to capture using traditional monitoring techniques. In addition to the 
limited spatial resolution of the use of strain gauges, this technique presents a conformance 
issue. To address both the technology and research gap, this research group has developed 
a methodology through the use of Rayleigh Optical Frequency Domain Reflectometry 
(ROFDR), to produce an unprecedented spatial resolution of 0.65mm for ground support 
elements without the aforementioned conformance issues (Vlachopoulos et al. 2014). Lever- 
aging this technology this research group has conducted investigations across a spectrum of 
scales including in-situ, laboratory testing and numerical modelling, as seen in Figure 2. This 
group looks to better understand support elements’ individual and combined effects. One 
recent effort of this group has been on the behaviour of fully grouted rebar rock bolts. Thus 
far the investigations have included confining medium, grouting material and embedment 
length. A summary table of these findings can be seen in Table 1. During these investigations, 
the effects of borehole size and rib spacing were observed. This research expands upon those 
initial investigations. Additionally, work was done to continue to advance and refine this 
monitoring technique, and numerical modelling efforts. 

Rock bolts can be used in various conditions in terms of rock mechanics. In these scenarios 
understanding their axial behaviour is important for implementation and design. In all scen- 
arios they require the ability to transfer the load to be effective, this is done primarily through 
mechanical interlock and friction (Signer 1990). These selected parameters for investigation 
both have been seen to influence the mechanical interlock and thus performance, but both 
have been identified as requiring more in-depth knowledge either due to limited embedment 
length (length that the rebar is grouted), conflicted findings or lack of spatial resolution (Pile 
et al. 2003, Aziz 2004, Ghazvinian and Rashidi 2010, Cao et al. 2013, Wu et al. 2017, Vlacho- 
poulos et al. 2018, Yokota et al. 2019). The aim of this current research is to address these 
limitations, this paper will highlight some of the findings of the effects on the mobilized 
embedment length, load transfer behaviour and the follow-on attempts to achieve better 
numerical representations. 
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Table 1. Summary of groups findings. 


Finding Rational Cited 

Continuous Strain Monitor- Independent tensile testing was used to confirm per- (Cruz 2017) 

ing Technology Verified formance compared to standard strain gauges. 

Quality Control The technique was able to capture grout inconsistencies (Cruz 2017, 
within the front section of the rock bolts. O’Connor 2020) 

Limitations exist in indus- Models were not able to capture bolt-grout interface (Cruz 2017, 

try-standard numerical interactions specifically strain attenuation patterns of O’Connor 2020) 

modelling software RS2 full-length specimens. 

Critical Anchor Length Identified mobilized embedment length at yielding loads. (Cruz 2017) 

Determination 

Able to conduct strain moni- Successfully able to monitor the performance of various (O’Connor 2020) 

toring of the confining confining materials. 

material 

Investigated effects of Greater bond strength of resin-based systems was (O’Connor 2020) 

embedment length, grout observed when compared to cement grouts. Bond strength 

type and radial confinement was found to correlate to embedment length (however, 

on bond strength and these increases are not proportional). Bond strength and 

mobilized embedment critical embedment length were not found to correlate to 

length confining materials of different radial stiffnesses. 

Successful In-situ Instrument rock bolts were successfully developed to be (Forbes 2020) 

integration installed with standard operating procedures. When in 


service were found able to capture the location, orienta- 
tion and ground movement of discontinuities. 


2 METHODOLOGY 


2.1 Monitoring plan 


The research highlighted in this paper as well as the previously conducted research summar- 
ized in Table 1 all leveraged a combination of global and component monitoring, which can 
be seen in Figure 3. Global monitoring was achieved through a series of Linear Variable Dif- 
ferential Transformers (LVDTs) and the actuator of the Material Testing System (MTS) to 
capture global displacement. Load was captured via the MTS’s load cell. 

Component monitoring was achieved through the use of fiber optic sensors that were able to 
collect data through the process of Rayleigh Optical Frequency Domain Reflectometry 
(ROFDR). This technique leverages elastic scattering, turntable light and material properties of 
the fiber optic cables to create unique “fingerprints” for each sensor, which through the use of 
cross-correlation identify the location and magnitude of external strain being applied (Bao and 
Chen 2012, Forbes et al. 2017) Fiber was installed along the longitudinal ribs (to prevent conform- 
ance issues), the fiber was placed in 3 mm square grooves to ensure the fiber was protected. Fiber 
was run biaxially so that purely axial strain could be resolved. This was done in a continuous run 
featuring a turn-around loop. Debonding was utilized to prevent premature failure in the unsup- 
ported length including the zone of anticipated grout loss due to loading. Additionally, sufficient 
length was provided to allow for activation of the fiber (this length was confirmed through tensile 
testing and was similar to other conducted research (Weisbrich et al. 2020)). Fiber on the pipe was 
installed similarly, however, did not feature grooves as it was not required. 


2.2 Specimens’ selection, preparation and testing 


A parametric analysis of rib spacing and grout annulus (the thickness of the grout between the 
rebar and the inside pipe wall) was conducted using a five-by-four study featuring additional 
control specimens for a total of 24 specimens which were all fabricated in-house. Spacings 
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Figure 3. Monitoring layout including component and global monitoring, not to scale. 


were selected by mechanically altering a standard Grade 60 #6 rebar (in a similar manner to 
Wu (et al 2017) and installing them in various-sized pipes to create different grout annuli. The 
full table of test specimens can be seen in Figure 4. All specimens were grouted with a 40% 
water to cement ratio grout as has been used by other research and is frequently used in-situ 
(Li 2017). All specimens had an embedment length of 750mm, as this was found to be long 
enough to support yielding loads by previous research endeavors (O’Connor 2020). 


Specimen Grout Annulus Rib spacing 
A-1 14 
A-2 27 
A-3 41 
A-4 7.7mm 54 | 
A-5 ~ . 68 ————? | 
A-6 N A Sanded smooth 
A-7 Manufactured smooth 
B-1-i 14 


B-1-ii 14 
B-2 27 
B-3 9.9mm ~ 41 
B4 hae te 54 
B-5 ~> i 68 
B-6 Sanded smooth 
c-1 14 
C2 27 
C3 14mm 41 
C4 54 
cs 68 
D-1 14 
D-2 27 
D-3 22.8mm 41 
54 


68 


Figure 4. Testing scheme. 


All testing was conducted using 322.41 MTS with hydraulic grips to apply load to the 
rebar. The pipe was securely fixed to the workbench, as seen in Figure 3. This was set to repli- 
cate the anchorage length of in-situ rock bolting, specifically, load in the rebar rock bolt was 
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transferred from the bar to the grout and then the pipe through the described mechanisms. 
Load was applied with displacement control at 1mm/min. 


2.3 Data analysis overview 


For all specimens, the same post-testing data analysis procedure was followed. This con- 
sisted of physical post-testing specimens’ inspection (an example of which can be seen in 
Figure 5), analysis of global and components responses and comparison to analytical 
models. Properties such as failure mechanism, stiffness, and strain on the bar and pipe were 
also reviewed. This led to analysis such as identification of the load required to fully mobil- 
ize the embedment length (LRFM), shear-displacement behaviour and dilation of the pipe. 
This allowed for a detailed parameter analysis on the effects of rib spacing and grout annu- 
lus. Since testing was conducted over three rounds, statistical analysis was conducted to 
understand how much of the variance in the data could be explained by the independent 
variables and how strong they were as predictors. The data was screened to ensure general 
linearity and unusual cases before multiple linear regression analyses were conducted. Add- 
itionally, assumptions of independence of observation, homoscedasticity, normality and 
additivity were checked. The analysis was conducted using forced entry with the software 
JASP (Gross-Sampson 2018) and with guidance in reporting and analysis from Buchanan 
et al. 2018. 


2.4 Numerical modelling methodology 


As mentioned previously, attempts to utilize existing rheology models in RS2 were not able to 
capture the full-length rock bolt specimens. As a first step to create a better representation, 
numerical models using finite element analysis were conducted on ANASYS. This involved 
the iterative development of a three-dimensional contact model. Taking advantage of symetry, 
half models were created, and contact paremeters were chosen based on convergence studies 
of normal stiffness factor. Interfaces were set as unsymetrical and augmented LaGrange 
method was used. Models were set to match test conditions of materials, properties and 
boundary conditions. This featured models of 100mm, 250mm, 500mm and 750mm of 
a stanard rebar and 750mm with the 27mm rib spacing bar. To simplify this first attempt, 
these models were all created in the elastic range. To produce these models a series of studies 
were conducted to provide confidence in the results, the effects of geometric simplifications, 
boundary conditions, and meshing were studied. 


3 SELECTED RESULTS AND DISCUSSION 
This paper will highlight some of the findings from this recent research endeavor. This will 


include results from all test specimens however it will not be able to present all data and 
findings but instead focus to highlight some of the major findings. 


for 
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Figure 5. Typical cracking observed for bolt failed in shank, 1. concrete crushing, 2. small voids, 
3. minor shearing for the rougher parts of the bar and, 4. possible tensile cracks. 
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3.1 Rib spacings 


Rib spacing was found to be a significant negative predictor of stiffness. This is in line with 
other conducted research and smaller embedment length samples (Wu et al. 2017). The load- 
displacement curves along all grout annuli were compared and collected both visually and for 
statical analysis. This trend appears to have less of an effect at the largest of annulus sizes (annu- 
lus sized 22.8mm) whereas the other pipe sizes had similar slopes. Annulus C (14mm) would 
also have had less of an effect if it was not for the very stiff response in specimen C-1 and with- 
holding that specimen, the results for the other rib spacing were similar. Annulus B (9.9mm) has 
the strongest effect and the least variance. Multiple linear regression was analyzed to predict 
initial tangent stiffness from the average UCS of the grout and the rib spacings. The data was 
screened for basic assumptions and outliers. No outliers were found. The data also appeared to 
be linear (a slight degree of non-linearity is seen in the rib spacing’s scatter plot). All assump- 
tions were found to be met except homoscedasticity. To address this a robust regression was run 
(Fields 2013) (bootstrapping, 5000 bootstraps and 95% confidence, JASP defaults). The multiple 
regression model statistically significantly predicted initial tangent stiffness F (2,17) = 33.002 
p<0.001, adj. R2 = 0.77. The regression coefficients and standard errors can be found in 
Table 2. It can be seen that rib spacing negatively predicted initial tangent stiffness and the aver- 
age UCS of the grout positively predicted initial tangent stiffness. Both of these coefficients 
were statistically significant and grout strength was found to be the better predictor. 

Without the advent of the fiber optic technique, the data analysis would be limited to the 
investigation of global parameters, such as stiffness as presented herein. However, this tech- 
nique allows for interpretation of general attenuation patterns and behaviours and the load 
required to fully mobilize the embedment length (LRFM). Qualitatively a reduction in bond 
performance was seen comparing the attenuation patterns of the bars. Where with increased 
rib spacing, strain is attenuated less effectively marked by the longer active embedment lengths 
and general high strain along the length for the same amount of load, and strain attenuation 
appeared more linearly suggesting weaker mechanical interlock. This trend was seen across all 
grout annuli, but an example from the different rib spacings in the 9.9mm grout annulus (B) 
can be seen in Figure 6. It should be noted that in this figure there is a clear divide between 
the unaltered bar (rib spacing 1) and all other rib spacings (rib spacings 2,3,4, and 5), with rib 
spacing 2 performing marginally better at 30 and 60 kN loads compared to the remainder 
(percent 135 difference of strain between 1 to 2 and 1 to 3 for first 40 cm of 60 kN load was 
303% and 368% respectively). This was not as pronounced in the other annuli as strain profiles 
were less dichotomous between unaltered and altered bars. 

To quantify this reduction in bond performance multiple linear regression analysis was con- 
ducted to predict LRFM from the average UCS of the grout and the rib spacings. The data 
was screened for basic assumptions and outliers. During screening, it was noted that a degree 
of non-linearity was present when examining the scatter plots and predicted values versus 
standardized residuals. However, since this is slight and the aim is not to produce an equation 
that can be generally applied, this analysis was continued as linear (however caution should be 
used if the range of inputs are outside of the data set used to form this model). All assump- 
tions of independence of observation were found to be met. LRFM F (2,17) = 26.37, p<0.001, 
adj. R2 = 0.73). The regression coefficients and standard errors can be found in Table 2. It 
can be seen that rib spacing negatively predicted LRFM and the average UCS of the grout 
positively predicted LRFM. Rib spacing was seen as the better predictor. 


3.2 Grout annulus 


Similarly, grout annulus was also investigated. No significant effects were found in the investi- 
gation. However, some support that grout annuli B and C are optimal given an unaltered bar 
(rib spacing 1) was found. This support includes both results for the component rebar monitor- 
ing; larger load required to fully mobilize the embedment length and better strain attenuation 
when visually comparing the strain profiles. As well as, global trends such as the appearance of 
reduced tensile bond strength in the largest specimen. This finding was in agreement with 
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Table 2. Coefficients from statistical analysis, H1 predicting stiffness, H2 predicting load required to 
fully mobilize the embedment (LFRM). 


Model Unstandardized Standard Standardized 
coefficients Error coefficients p 

H; (Intercept) -465.31 101.668 -4.58 < .001 
Average UCS of 
grout (MPa) 14.31 2.49 0.71 5.75 < .001 
Rib spacing (mm) -0.74 0.29 -0.31 -2.51 0.023 

Hə (Intercept) -31.56 85.55 -0.37 0.780 
Average UCS of * 
grout (MPa) 4.24 2.10 0.27 2.02 0.059 
Rib spacing (mm) -1.28 0.24 -0.72 -5.36 < .001 


* with the removal of borderline outlier p=0.04 


selective concepts discussed in the literature (Yokota et al. 2019). However, definite conclusions 
should not be drawn as this trend was not found across all rib spacings. When examining all 
the altered bars, no clear trends were observed during the comparison across different annuli 
and these results were not found to be significant when statistical analysis was conducted. 


3.3 Numerical modelling 


This initial iteration of the model provides optimism that this methodology could be used in 
ongoing research efforts. It was much superior to the previous models, presented by O’Connor 
(2020), at predicting the strain response in the rebar. Strain values were collected from the 
center of the rebar in the model which was compared to the averaged values from the physical 
specimens. When looking at the 100 mm and 500 mm models, they were very successful in this 
regard, however, the 250 mm was not. When looking at the 750mm models, the models pro- 
vided a closer strain result than other models produced but generally overpredicted the strain 
attenuation rate. The model also successfully captured the effects of rib spacings as seen in the 
laboratory investigation. It is recommended that future iterations investigate the use of 
a material model featuring the ability to represent cracking, conduct a detailed investigation 
on the effect of various grout properties and a higher level of the applied load. This should be 
done using a 3D FEM contact model. As another avenue for exploration, it is also recom- 
mended that the use of 2D models (contact axisymmetric FEM) be investigated for larger 
models or additional parametric analysis. 


750mm 
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— 13 mm (B-1-i) 
—13 mm (B-1-ii) 
— 27 mm (B-2) 
— 41mm (B-3) 
54mm (B-4) 
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+ Theoretical Strain at Zero 


Distance along the Embedment Length (m) 


Figure 6. Example of strain profiles of various rib spacings at 90KN, in a 9.9mm grout annulus. 
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4 CONCLUSION 


To better understand the behaviour of rock bolts, a novel strain sensing technique was devel- 
oped and employed in a robust laboratory investigation. This afforded additional insight of 
the effects of rib spacing and grout annulus. This paper has highlighted some of the findings 
of this investigation, most notably the negative effects of rib spacing on bond performance. 
These insights and investigations look to continue to advance this technique while also look- 
ing to create a better understanding to support numerical representation, long-term monitor- 
ing and understanding of ground behaviour and optimization. 
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Innovative steering of tunnel boring machines 
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ABSTRACT: Directional steering of tunnel boring machines is a process of minimizing 
horizontal and vertical deviations with respect to a designed tunnel alignment. Until today, 
shield machine operators perform steering manually for example by adjusting thrust cylinder 
pressures. At the same time, they need to monitor the entire tunnelling process and interact 
with the tunnelling team. How well this is executed depends to a large extent on the profes- 
sional experience of the operators. Construction companies are having increasing difficulties 
finding qualified personnel for tunnelling. One reason for this are the high complexity of 
tunnel boring machines and their operation. In addition, the training of operators is time- 
consuming and usually takes place during tunnelling. To enable operators to cope with tunnel 
boring machines efficiently and safely, the steering system is being developed further step by 
step towards a fully automatized system. An important milestone is the development of semi- 
automatic control of active steering actuators. In this article, an innovative thrust cylinder 
control system and the respective intuitive human-machine interface are presented. 


1 INTRODUCTION 


The movement of a tunnel boring machine (TBM) through the ground is determined by in-ternal 
and external forces, the latter usually being non-steady and uncertain. Thrust cylinders apply 
thrust forces to overcome external forces and to move a TBM shield towards the direction of 
drive. They are arranged along the circumference of a cylindric shield, which allows to create hori- 
zontal and vertical steering moments by systematically distributing cylinder forces. These moments 
can be used to steer a TBM along a curved path with a rather large curve radius. To decrease 
system complexity thrust cylinders are usually grouped into four to six groups (labeled A, B, C...) 
depending on the size of the shield and the number of thrust cylinders. Operators control thrust 
cylinder forces group-wise via a human-machine-interface (HMI) inside the control cabin. The 
HMI consists of a control panel with, for example, rotary potentiometers and a graphical user 
interface (GUI) based on touch screens. The GUI visualizes, for example, thrust cylinder groups 
and respective pressure sensor values. Each thrust cylinder group is assigned to one potentiometer 
and one pressure indicator at the GUI. The arrangements of both control elements and indictors 
resemble the actual arrangement of the cylinder groups in order to ease the mapping for the oper- 
ator. Depending on diameter and length of a shield, an additional active shield articulation and/or 
passive shield tail articulation may be required to allow steering into tight radius curves. 

TBMs must excavate tunnels along a designed tunnel alignment (DTA). Directional steering is 
a process of minimizing horizontal and vertical deviations with respect to that DTA. In a state-of- 
the-art TBM this process is manually controlled by a human operator, who continuously monitors 
deviations and movement tendencies to decide if and how thrust cylinder forces need to be redis- 
tributed. If, for example, the shield deviates to the right of the DTA, operators commonly decide 
to increase the pressure inside one of the right-hand side thrust cylinder groups and/or decrease 
pressure on the left-hand side. After some movement operators evaluate if the redistribution of 
thrust forces was sufficient. The same principle holds for vertical steering. 
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Figure 1. Exemplary thrust cylinder configurations with four-, six- and nine-cylinder groups. 


Operating a TBM is a complex and challenging task that requires a lot of time for training. 
The operator is responsible not only for steering but also for monitoring and controlling of 
the entire tunnelling process as well as interaction with the tunnelling team. The quality of the 
result depends largely on the operator’s qualification and tunnelling experience. 

Another aspect is the lack of standardization since a TBM is a highly customized product. 
This is also reflected by the arrangement of thrust cylinder groups and the respective potenti- 
ometers. To give an example, Figure 1 shows three thrust cylinder configurations with differ- 
ent number of thrust cylinder groups. As it gets more difficult for clients to recruit and qualify 
personnel for tunnelling, Herrenknecht reacts by reducing system complexity as well as creat- 
ing standardized and innovative solutions. 

The described process of manual steering is applicable in most segmental lining TBM. This 
process does not apply for continuously advancing soft ground TBM, which are being developed 
by Herrenknecht. When tunnelling continuously in soft ground, ring-building and advance take 
place simultaneously. Some thrust cylinders are retracted, while others still move the shield for- 
ward. The remaining cylinders must compensate the missing forces, to maintain total thrust and 
steering moments. As this requires high frequent cylinder-wise pressure control, manual adjust- 
ments are not manageable for a human operator. Consequently, continuous advance is based on 
an innovative thrust cylinder pressure control system and the center of thrust steering method, 
which is being developed by Herrenknecht and presented in this paper. 


2 CENTER OF THRUST STEERING 


2.1 Enabling technology 


The main feature of Herrenknecht’s innovative steering system is the center of thrust (CoT). It 
is the point of application of the total thrust force, which is the sum of all thrust cylinder 
(group) forces. The CoT can be visualized as a dot within an x-y-chart concentrically placed 
inside circularly arranged thrust cylinders. Figure 2 shows an exemplary regular distribution 
of forces (pressures), where forces at the top left are higher than at the bottom right. Accord- 
ingly, the CoT is located top left of the center. The manual steering process described above is 
realized by moving a CoT setpoint horizontally or vertically. The corresponding redistribution 
of thrust cylinder forces is harmonized and fully automated. The fundamental control algo- 
rithm is compatible with any symmetric or asymmetric thrust cylinder configuration as well as 
linear and non-linear force distribution. 


2.2 Benefits 


From an operator’s perspective, the major advantage of the CoT visualization over the indication 
of thrust cylinder (group) pressures is that it allows operators to intuitively recognize the current 
force distribution at a glance. If actual hydraulic oil pressures need to be monitored, classical 
indicators or a color scale as shown in Figure 2. can be added to the GUI. The basic principle of 
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manual steering remains the same, but operation gets much more convenient. The complexity is 
significantly reduced since only the CoT setpoint needs to be moved horizontally or vertically in 
order to adjust the shield movement. Furthermore, the system enables operators to precisely 
steer either horizontally or vertically as the steering moments are explicitly linked to the respect- 
ive horizontal and vertical CoT coordinates. 

The decisive advantage, however, is the standardized HMI, which is compatible with all 
known thrust cylinder configurations, regardless of their number, grouping and dimensions. 
In future, even unexperienced operators will quickly adapt to new Herrenknecht TBMs since 
the standardized HMI will incorporate a CoT visualization as well as input elements for CoT 
setpoint adjustments. 

Based on customer preferences, the HMI input elements can be implemented as hardware 
push buttons, sliders or joysticks. As state-of-the-art Herrenknecht control cabins are 
equipped with touch screens, CoT steering can alternatively be realized through the GUI, 
which also allows for retrofitting of existing machines. 


2.3 Operating modes 


As described above, the CoT steering system is fully compatible with any state-of-the-art 
thrust cylinder control system of Herrenknecht tunnel boring machines. It is possible to differ- 
entiate between three operating modes for operators. 


1. A manual mode can still be realized through group-wise pressure control via potenti- 
ometers. In this case only the actual CoT is visualized. 

2. A semi-automatic mode is based on the CoT steering as described above. The GUI visual- 
izes the actual CoT as well as the CoT setpoint, which is to be set by the operator to steer 
the TBM. 

3. A fully automatic mode provides the same visualization as in semi-automatic mode. How- 
ever, the CoT setpoint is now managed by an autopilot and the operator only needs to 
monitor the automized directional steering process. 


The operator can switch between operating modes, when the TBM is not advancing. 


Figure 2. Center of Thrust as a blue dot within an x-y-chart. 
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2.4 Automation 


CoT steering is an important building block for TBM automation. The system itself is based on 
automatic cylinder pressure control. It enables continuous advance as well as automatic advance 
speed control, which is another innovative feature of Herrenknecht tunnel boring machines. 


3 COT APPLICATION 


The technology described above is already integrated into Herrenknecht TBMs. The state-of-the- 
art hybrid HMI combines potentiometers at the accustomed thrust cylinder control panel as well 
as a touch screen. It enables the operator to choose between two operating modes via a setup 
window at the GUI. A labeled screenshot of a GUI of an actual TBM is illustrated in Figure 3. 
The primary operating mode is based on the new CoT steering system. The operator uses the GUI 
through the touch screen. Instead of manually adjusting at least four thrust cylinder groups, the 
CoT steering mode requires only three quantities to be set by the operator. These are the setpoints 
of the horizontal and vertical CoT coordinates as well as the desired advance speed. The speed 
setpoint is adjusted via a potentiometer and the controlled speed is indicated at the GUI. As 


Advance 


1475 mm | 


Fine-tuning 
buttons 


Figure 3. Labeled graphical user interface of the new CoT steering system. 
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illustrated in Figure 3, the actual CoT (smaller light blue dot) together with the set point (larger 
dark blue circle) are displayed within a central x-y-chart. 

The CoT setpoint is input via the touch screen and can be dragged and dropped by finger- 
tip. Alternatively, its coordinates can be fine-tuned via respective + and — buttons. Both set- 
point and actual coordinates are also indicated as numerical values. The valid range of the 
CoT values is limited and indicated by the orange-colored area. The chart itself is surrounded 
by group-wise stroke and pressure indicators, as known from the classic mode. 

The secondary, classic operating mode is only considered as a back-up mode. It remains as 
accustomed, i.e. the operator can use potentiometers for manual group-wise thrust cylinder 
pressure control. They are enabled in this mode while being disabled in CoT steering mode. 
Since automatic pressure control is deactivated in this mode, also the CoT setpoint and the 
buttons remain hidden from the operator. However, the actual CoT is always displayed. 


4 CONCLUSION 


The CoT steering system, developed by Herrenknecht and described in this paper, is 
a highlight innovation for directional steering and an enabling technology for TBM automa- 
tion. It features the visualization of the point of application of the total thrust force, also 
known as the center of thrust. 

TBM operators intuitively and easily perform directional steering by simply adjusting 
a CoT setpoint with the help of a well-designed HMI. Reduction of complexity and standard- 
ization of HMI elements facilitate training of unexperienced operators as well as their adap- 
tion to new machines. The system is successfully tested and feedback from operators was 
consistently positive. 

The CoT steering system is based on fully automatic thrust cylinder pressure control and 
compatible with all known thrust cylinder configurations. Retrofitting of existing TBMs is 
possible through software upgrades of the TBM controller and the GUI inside the control 
cabin. If needed, operators can switch between manual pressure control via potentiometers 
and CoT steering. 

The described technology is state-of-the-art at Herrenknecht and an important step towards 
fully automated directional steering. Further innovations including automatic shield articula- 
tion control and smart assistant system will follow. 
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ABSTRACT: A methodology for holistic structural condition assessment of tunnels through 
high technological monitoring tools is proposed in this article. The methodology is divided into 
structural evaluation in real time through pre-installed equipment at the construction phase, and 
to post event structural evaluation through robotic inspection. The first part focuses on the static 
evaluation of the permanent tunnel lining after a strong earthquake in real time through fiber 
optic measurements. For this purpose, an improved type of fiber optic sensors is used, installed on 
inner and outer transversal reinforcing bars at eight points along the perimeter, allowing the 
recording of the time history of the elongation developed during the seismic action. 
A reformulation of the Parc-Ang criterion has been developed, allowing accurate automatic esti- 
mation of the degree of damage in each critical section according to the Moment-curvature dia- 
gram and the overall degree of indeterminacy of the structure. In the second part, the innovative 
model for crack analysis is described extensively, through which it is possible to calculate internal 
forces at the position of the structure where the crack is occurred, but also to estimate the possible 
locations of invisible cracks in the back face, based on the measurement of cracks’ geometrical 
characteristics (widths, depths, angles and spacings) with sensors placed in robotic tools. Soil pres- 
sures and the internal forces N, V, M along the perimeter of the tunnel cross-section are calculated 
based on convergence measurements along 5 cords. The appropriateness of the methodology has 
been validated through the European Research Programs Tunneling, Monico, Robospect and 
Resist while the numerical results presented in this paper are obtained by application of robotic 
measurements in autonomous software packages implemented in JAVA programming language. 


1 INTRODUCTION 


Many railway, road and metro-line tunnels are presently under construction in seismic prone 
countries. The tunnels are often located under densely populated areas and require very high 
standards of safety. There is an increasing awareness of the sensitivity of these structures to seismic 
activity. Moreover, the damage to the tunnel structure is difficult to assess and a damaged tunnel 
that has survived the major earthquake might not have the capacity to survive consecutive seismic 
aftershocks. Such aftershocks take place within few hours of the earthquake and have been 
reported to have an intensity of up to 90% of the earthquake intensity. Even if a tunnel is not in 
an earthquake prone area, though, if not properly preserved through periodic maintenance and 
repair of manageable problems, the tunnel owner will eventually have to choose from two very 
undesirable options: shut down the tunnel for excessive repairs, accepting the resulting impact on 
the highway or transit system, or invest in very costly reconstruction, also with potential system 
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Figure 1. Constitutive law for concrete and steel. 


repercussions during the period of construction. Tunnel linings are mostly constructed of 
reinforced concrete (r.c.). When subjected to significant ground shaking during an earthquake 
these members experience large deformations that force them into their non-linear range of behav- 
iour. Even in the absence of an earthquake, though, tunnel linings undergo deformations under 
the effects of loads or changes in their constituent materials. The deformations of tunnel linings 
contain a lot of information about the lining state of health. By measuring these deformations it is 
possible to analyse the loading and ageing behavior of the structure and assess its safety. 

Nowadays with the given technological development, it is now possible to monitor the pro- 
ject continuously throughout its life, but also to monitor the project periodically through 
inspections or after the observation of an event for the purpose of its structural evaluation. 
This monitoring can be done with multi-sensors that incorporate high-quality technologies 
such as for example fibre optics, laser scanners, etc. 

In the first part of this work, a methodology is presented for the assessment of the structural 
condition of tunnels with technological equipment that is pre-installed in the during the con- 
struction phase and provides the ability of its continuous monitoring. Specifically a fibre 
optics based deformation monitoring system reports the deformation history of pre-selected 
reinforced concrete cross-sections of a tunnel lining during an earthquake. This history, with 
the help of a theory of seismic damage for reinforced concrete can provide an assessment of 
the section’s damage. Subsequently, in the second part of the work, a methodology is pre- 
sented for assessing the structural condition of tunnels without pre-installed equipment in the 
project, but from on-site measurements during the inspection procedure. 


2 ASSESSMENT WITH PRE-INSTALLED SENSORS AT CONSTRUCTION STAGE 


2.1 Fibre- Optics. Methodology for structural assessement under seismic loading 


The most efficient procedure for estimating the resistance capacity of the structure through meas- 
urements of strains consists of the installation and recording of a strain gauges network along 
reinforcing steel bars in the inner and outer face of the lining, but its application is limited to new 
tunnel linings where the strain gauges can be installed in the erection phase so that the records 
represent the total state of the structural behaviour. The sensors are installed at the points of the 
tunnel cross section where maximum bending moments are expected to develop. The positions 
result from an analytical estimation. For the long term static loads the critical points are four and 
they lie on the vertical and the horizontal principal axes of the cross section. For the earthquake 
loads the critical points lie on two inclined axes of the cross section, so that finally the points of 
maximum bending moments are eight. At each critical point two sensors will be installed, fastened 
on the transversal reinforcing bars at the inner and the outer side of the thickness of the lining, so 
that the number of sensors required for each tunnel section will be 8x2=16. 

Under the assumption of the linear distribution of the strains across the thickness and after 
taking into account the constitutive laws of the concrete and the steel, relating stresses and 
strains, for the loading and the unloading branches, are calculated the axial force N and the 
bending moment M, equal to the corresponding resultants of the stresses developed across the 
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Figure 2. Cross section strains and internal forces. 


thickness of the lining. The calculated values of the strains and the corresponding to them 
internal forces for the successive time instances during the earthquake motion, are referred to 
an axial force — axial strain diagram and to a bending-moment-curvature diagram. The last 
one, representing the development of the pair of values during the successive cycles of the seis- 
mic oscillation, constitutes the hysteresis loop pattern. According to the proposed method- 
ology the characteristic points of all the semi- loops are calculated (points I,.., VII, Figure 3a), 
and finally the damage index D of the reinforced concrete member subjected to cyclic plastic 
flexural deformations, is estimated for the total number of the hysteresis semi- loops by using 
a revised expression of the Park and Ang damage criterion, resulting after the statistical elab- 
oration of a big number of relative experimental tests. 


2.2 Calculation of cross section strains and internal forces 


From the records of the sensors are taken the strains ¢,; and £e at the inner and the outer 
rebar respectively. Then the axial strain and the curvature of the reinforced concrete section 
are calculated from the relations: co = (Esi + &se)/2, k = (Esi — €se)/(h — 2d), and by the 
assumption of linear deformation across the thickness, the strains at the inner and the outer 
surface of the concrete are also calculated. Detailed equations are introduced for the constitu- 
tive law of concrete and steel which are shown on Figure la & 1b, as follows: 


EcyA[Eco(1 — A)? + foyA(3 — 2A) /£o] (Loading — branch) 
Fe = $ oep + 8fey[[1 — 9Eco(Eep — &)/4feyl°*® — 1]/9  (Deloading — branch) (1) 
Ptocn(€e — Ecr)/ (Eep — Eer) (Reloading — branch) 
Eses , lésn| <= Esy 
A l Gaian [fry PE e — Ee], ty Seal 2) 


Where: o,,0; are the concrete and steel stresses respectively, A is the the thickness of the 
concrete lining, d' is the cover of the reinforcing bars, fey and fsy are the yielding stresses of 
concrete and steel respectively, ¢, is the concrete strain under compression, £ey the yield strain 
of concrete in compression, o, is the maximum stress of concrete, 4 = ¢,/é:y, Eo is the tangen- 
tial modulus of elasticity of concrete in compression for o, = 0, Es is the elasticity modulus of 
steel, €ep is the starting strain of the deloading branch, cep is the starting stress of the deload- 
ing branch, eer is the starting strain of the reloading branch, n is the number of loading 


— __ lésn2=8s.n-1] 
|€sn-2—€sn—1|—2Esy” 


branch, ¢,, is the limit strain of the loading branch n and y 


And the internal forces can be calculated as follows (Figure 2): 


N= Lsi Zse H Da t Dea (3) 

h Ye h Ye 
= VsiZsi + VseZse 4 c H c 4 
M YsiZsi J Z. D 1G 3) Dal 7) ( ) 
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Where: Asi Ase the area of the inner and external reinforcing rebars, o,;,0,. the stress at the 
inner and external reinforcing rebars, Zs; = Asis, Zse = AseOse, Der = 0-50 ceVe, 
Dez = 0.67|6¢(Ece/2) — Fee/2] Ve, and ye = 4 — 2. 


2.3 Modified Park- Ang criterion, the damage index calculation 


For calculating the section’s damage index which represents the damage degree of the cross 
section after the earthquake, the total released energy quantity Eprı + Ey. from the character- 
istic points of the cyclic semi-loops is estimated and divided by the initially available internal 
bound energy of the cross section E,, forming the ratio D. On each one semi-loops are defined 
the following seven characteristic points, denoted by the latin numbers I to IVII (Figure 3a), 
by which the moment-curvature trajectory is devided in regions corresponding to the different 
branches of the constitutive low of the concrete (reloading, normal loading, deloading and 
inactive branches). The hysteretic envelope consists of two branches, a right one for k>0, M>0 
and a left one for <0, M <0. Both branches are defined by two characteristic points, the yield 
point and the ultimate point. The total available internal bound energy equals the area included 
between the and the two branches of the hysteretic envelope (Figure 3d), which is: 
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Figure 3. a) Characteristic points calculated on any semi-loop, b) On the diagram of any semi-loop 
(OABSDO) we calculate the complementary E, energy, the released internal bound energy Ep, the elastic 
energy Ee, the dissipated energy E, and the restoring energy E,, c) For the numerator of the damage 
index the common area Epsa between the iterative loops is taken account only once, d) The available 
internal bound energy E, equals the area included between the k — axis and the two branches of the hys- 
teretic envelope and used in the denominator of the Damage index. 


2 F] 1 r r F r 
E, = 3 (My; + Mik) 4 5 (Ms; + M2) (ki, — Ki) + (My, + M1) (ki, — k )] (5) 


u? “u 


respectively, at right side of the moment curvature diagram (Figure 3) and M}, k!,, M}, k}, are 
the Moment and curvature at the yielding and ultimate state respectively, at left side of the 
moment curvature diagram (Figure 3). 

Subsequently, the following relation can be expressed for the damage index of the cross sec- 
tion, in terms of the applied transversal force V at the free end of a canti-level and the corres- 
ponding transversal displacement ô of that point: 


Where: My, kp, M; Ku are the Moment and curvature at the yielding and ultimate state 
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V,0max +B f| E = Eri + Engr 


D= 
Vuðu E, 


(6) 


The terms contained in the numerator and the denominator of the expression (6) at the 
right side of the above relation represent energy quantities. The physical reasoning of these 
quantities can be obtained by considering in detail the degradation procedure of the capacity 
for plastic deformation, as it is represented in any hysteresis loop pattern. The apparent effect 
of the cyclic loading is the gradual degradation of the stiffness between successive hysteresis 
loops, equal to the decrease of the slope of their loading branch. The gradual stiffness degrad- 
ation is due to the permanent plastic deformation of the tensile rebars, accumulated during 
the repeated cyclic loading, resulting to increased crack widths and less contribution of the 
concrete to the resistance. Two kinds of stiffness degradation are distinguished: 

The first order stiffness degradation concerns the difference of slope between two successive 
semi-loops of different maximum deformation, which results to be proportional to the difference 
of the areas of the two semi-loops. The sum of the differences of areas, taken along the ô -axis 
for the totality of the hysteresis loops of the pattern, equals the first term at the numerator of 
the damage index expression and constitutes the first order released internal bound energy Epp. 
The second order stiffness degradation concerns the difference of slope between two successive 
semi-loops of the same maximum deformation, which results to be proportional to the differ- 
ence of the areas of the two semi-loops in the direction of the M- axis. The sum of these differ- 
ences of areas for the totality of the hysteresis loops of the pattern, equals the second term at the 
numerator of the damage index expression and constitutes the second order released internal 
bound energy Epp. The term in the denominator of the damage index expression represents the 
initially available internal bound energy and equals the area of the total hysteretic envelope £,,. 
The energy quantities expressed in terms of transversal forces and displacements concerns the 
total elastic and plastic energy appearing along the total length of the structural member. In 
case where the estimation of the damage index in the region of a plastic hinge is of interest, at 
points where maximum bending moment is developed with zero shear force, are taken the same 
energy quantities per unit length of the plastic hinge region, expressed by the product Mx of the 
bending moment by the curvature. The released flexural internal bound energy E},,, of the m-th 
semi-loop, equals the sum of the areas of the non common parts EpfimEbpm of the released 
internal bound energy areas Ep m-2Eb,m of two successive semi-loops of order m-2 m(Figure 3c). 
Their common part is taken into account at the treatment of the previous semi-loops. It is 
Evin == Eppim + Eppom, where Evpim = Min (Kum J Kum-2) for |Ku,m—2| < [kum], Eppim =0 for 
[kuml < |Kum—2| and Epp2m T Ep m-2 Z Ebm T Ebfim- 


3 POST-EVENT ASSESSMENT WITHOUT PRE- INSTALLED SENSORS 


The post event Assessment Tool is aiming to the preparation of a software for a near real time 
evaluation of the entities characterizing the structural condition of existing cast in situ or segmen- 
tal reinforced concrete tunnel linings which is based on data received from measurements of the 
characteristics of cracks developed on the visible internal face and the deflections of points on it 
due to its deformation (Figure 4a). The main target of this part is the structural condition assess- 
ment of existing and not of new tunnels. In this case, the installation of a strain gauges network is 
not applicable. The assessment is based on measurements of visible consequences of the structural 
behaviour such as the crack patterns, the gaps at the joints between precast segments and the 
deflections developed at the points of the internal face of the lining. The increased accuracy of the 
modern equipment offered for that purpose reinforces the attempt for the establishment of an effi- 
cient detection system. A decisive part of this system is the preparation of the appropriate software 
module permitting the final structural condition assessment to be obtained. The initial data con- 
cerning the geometry, the reinforcement and the grades of the materials for the tunnel cross sec- 
tions need to be listed in detail. The constitutive laws of the materials consisting of the stress- 
strain relations for the reinforcing steel, the concrete and the bond-slip relation between the 
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concrete and steel are represented by appropriate analytical expressions. The time effects on the 
strength, the creep and the shrinkage of the concrete, are likewise represented by analytical expres- 
sions specified by the codes. 

Through the Local Condition Assessment Module, the strains, the stresses, the internal 
forces, the available strength and the safety factors are calculated at the points of the tunnel 
cross section where cracks have been detected and measured. 

Through the Global Condition Assessment Module, the same entities characterizing the 
structural behaviour for the totality of the points on the cross section’s perimeter are calcu- 
lated by using the data from the measurements of the deflections at eight points. 

Additionally, the actual values of the water and soil pressures applied are calculated and pos- 
sible cracks expected to have developed on the external invisible face of the lining are detected. 


Figure 4. a) Cracking strains and geometrical characteristics of cracks (w- crack width and d- crack 
depth) b) Soil and water pressures on the model nodes. 


3.1 Local condition assessment 


The Local Condition Assessment Module, based on the measured depth, width and spacing of 
a group of horizontal flexural cracks observed at a position calculates the developed internal 
forces, the stiffness, the available strength and the safety factor at this position. 

Under the assumption of the linear distribution of the strains along the thickness, the normal 
strains at any point of the cross section are calculated. The strains due to shrinkage are considered 
at cross sections where maxM(V = 0) for external loads. At these cross sections the slip between 
concrete and steel is 6, = 0. Moreover, small values of concrete strains due to shrinkage at Stage 
I are expected to be developed (|éci,s| < |ecs|), permitting that the assumption for the linear distri- 
bution of the strains is additionally extended to the concrete stresses with constant value of the 
elasticity modulus E,(ci,s) = E.o. Regarding the cracking strains, instead of the measured charac- 
teristics of a crack, the depth d’, and the width w'., their effective values referred at the level of the 
tensile reinforcement d; = d). + ys; — h/2, we = (d-/d-)w’, are considered (Figure 4a). 


3.2 Stage II conditions, operating state 


From known values of the cross section strains £ọ and the material strains £s1,€s2 and é.. are 
calculated. The normal stress resultants for the reinforcing steel are then: Na = EyAs1és1, 
Nog = EsAso€s2. And for the concrete, the axial force and bending moment can be defined as 
follows: 


b Ec E Ec Fem 
Ne=z [E.o€2,[(1 +e — 1] — Eo (1 +—“)e* — 1] (7) 
Ecye Ecty 
b E a Eo Ecu 
M; = 5 Eo ll + (1 + e — 2] — Boge, lll + (1 e — 2]] (8) 
k Ecye Ecty 
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The total cross section resultants, the axial force Nsk and the bending moment Msk are: 


Nsk = Na + Nox + Ne (9) 


€0 


Msk = YsıNsı + y2No2 aF Me = k 


N, (10) 
The eccentricity of the axial force Nsk with respect to the member axis is: e = Ka and the 
stage II Stiffness of the cross section is: (EA); = Ma, (EJ), = 4. 


3.3 Stage IT conditions, ultimate limit state 


The ultimate limit state occurs for é.. = €c and os, = —0s2 = Osy, assuming that the hardening 
of the steel as well as the tensile stresses of the concrete can be omitted as negligible. Subse- 
quently the cross section resultants N,4, M,a are then calculated and the total safety factor of 
the cross section can be derived as the following ratio: 


Nra = Moa 
Nsk Msk 


(11) 


3.4 Global condition assessment 


The Global Condition Assessment Module, based on the measured deformations at eight 
points on the internal face of a tunnel cross section and calculates the same entities as those in 
the Local Condition Assessment Module and additionally the external soil and water pres- 
sures applied as well as the characteristics of possible invisible cracks expected to be developed 
on the external face of the lining in contact with the surrounding rock mass. 

The global analysis of the lining is performed on a structural model as that shown in 
Figure 4 On the internal face of the tunnel cross section are defined 16 points, 4 of them at the 
intersection of the internal perimeter with the two principal axes of the cross section and the 
rest dividing the resulting quarters at quasi equal intervals. The reference line of the model is 
the polygon sequence connecting the 16 points, which are considered as the notes of the 
model. For segmental linings is suggested the points to coincide with the position of horizontal 
joints between the precast segments. The structure or the lining is represented by a sequence of 
16 beam finite elements, each one between two successive nodes. The end points of the axes of 
the beam elements are put through rigid offset connections at a distance equal to h/2 from the 
corresponding end nodes in the direction of the bisectrix of the angle between the sides of the 
polygonal jointed to the node, where h is the thickness of the lining at that point. 

A structural analysis software is used exclusively for the previously described structural 
model and the analysis is performed for the following load cases: 1) Shrinkage «,, resulting to 
node displacements ôsxi, 65); and the internal forces Nsi, Vsi, Msi, 2) the self weight g resulting 
to the nodes displacements 6¢,;,6g,;, and the internal forces Ngi, Vgi, Mgi, 3) the external soil 
and water pressures, in the radial direction of the lining and continuously distributed along it, 
defined by the values p; at the nodes. The values of these pressures are unknown as they are 
increasing with time simultaneously with the deterioration procedure of the surrounding tem- 
porary supporting lining which is directly exposed to the corrosive environment of the rock- 
mass. Their actual values are calculated from the following analysis procedure: 15 separate 
analysis of the model are performed, each one for a triangular pressure applied on the beam 
elements k — 1, k and k, k + 1 with a unit pick value pẹ = 1 on the intermediate load 
k resulting to the nodes’ displacements xi,k, yi,k for the totality of the loads. (Figure 4b). If qx 
are the actual values of the external pressures on the nodes, the superposition of the displace- 
ments for the three load cases have to satisfy the conditions: 

16 
Ocxi F Ogxi DD qkôxi,k = Oxi (12) 
k=l 
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16 


Ocyi F Ôgyi aa 5 qkôyi,k = Ôyi (13) 
k=1 


with i = 1,3,5, ,15 the 8 odd nodes and xi, yi the measured relative displacements of these 
nodes with respect to the fixed node 1. From the solution of the system of the 8 + 8 = 16 
linear equations result the values of the unknown external pressures q. The internal forces for 
the total pressure are: 


16 16 16 
Na =X Nix Va =Y Vik, Magi = De Mix (14) 
k=l = = 


Figure 5. Software application in global condition assessment for pilot- test measurements at Petronilla 
Tunnel in Torino. The external pressures, the Axial Force, the shear force and the bending moment are 
calculated for measured tunnel section deformations and measured geometrical crack characteristics 
through robotic instruments. 


Finally the internal forces for the superposition of the load cases are calculated as below:[1-4] 


Nski = Noi Ngi Noi (15) 
Voki = Vsi Vi Voi (16) 
Mski — Ms; alt Mgi F Mgi (17) 
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ABSTRACT: Construction of underground tunnels via tunnel boring machine (TBM) is 
regarded as costly — particularly in terms of human labour, machine construction and material 
requirements, and significant time duration of projects. Several recent examples of this construction 
method demonstrate the large cost and time associated with manufacturing TBMs prior to the 
actual tunnelling process beginning, as well as the requirement of the TBMs to be supported by 
hundreds of personnel. When deployed to construct kilometres of tunnel, advancement rates result 
in projects typically taking years to complete. hyperTunnel proposes an alternative construction 
method which “3D prints” tunnels using swarm robotics — hyperSwarm. hyperSwarm consists of 
thousands of small individual tunnelling robots working concurrently in an effort that is envisaged 
to substantially reduce environmental impact, reduce project lead-time to months rather than years, 
and reduce costs by orders of magnitude. Advanced integration and management of the robotic 
swarm means only a small team of engineers would be required to remotely operate the swarm, 
presenting further benefits in labour costs, as well as health and safety. An overview of the 3D print- 
ing construction method deployed by hyperSwarm, as well as its development, is provided. Various 
stages of the development are detailed, including robotic functions and the way construction mater- 
ials are controllably placed to form underground structures ahead of the tunnel excavation. 


1 INTRODUCTION 


Borrowing modern and proven technology from other industries, hyperTunnel proposes to 
change the way tunnels and other underground construction projects are built, enlarged, 
repaired, maintained, and monitored. The methods proposed by hyperTunnel to conduct these 
actions are envisaged to result in underground projects becoming significantly less expensive, 
less time-consuming, prone to less risk, more sustainable, and safer for those involved. 

The argument for developing cheaper, safer, less time-consuming, and more sustainable 
underground construction methods is clear when considering the current status quo of indus- 
try practise: The HS2 tunnels in the Chilterns in the UK will start building using two 2000 
tonne, 170 m long tunnel boring machines (TBM) that took several years to manufacture and 
cost circa £17M each (HS2, 2015). The construction process will involve a team of 17 people, 
working in shifts to keep the machines running, supported by over 100 people on the surface 
who manage the logistics and support the steady progress of the tunnelling operation (HS2, 
2015). The machines tunnel at a rate of around 15 m per day, resulting in a project that will 
take several years to complete (HS2, 2015). Chau et al. (2012) and Pritchard et al. (2018) 
detail the significant amount of embodied energy and carbon the similar TBM projects con- 
tribute to country and world emission. The prospect of substantially reducing the scale of 
each or any of these factors has clear benefits to all. 

hyperTunnel targets these reductions by proposing an approach that reverses a long-established 
convention by first building an underground structure then excavating it. Convention would typ- 
ically see the ground excavated through TBMs or traditional drill-and-blast approaches. 
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hyperTunnel’s approach uses horizontal directional drilling (HDD) (or other horizontal boring 
methods) to install a network of high-density polyethylene (HDPE) (or other polymer/plastics) 
pipes to provide access to the whole length of a proposed tunnel. A swarm of small multi-function 
robots then passes into the pipes to first survey the surrounding geology and then subsequently 
“3D print’ the composite tunnel structure within the in-situ ground conditions. Excavation of the 
printed structure commences once the swarm has completed its building functions. 


Figure 1. Illustration of hyperTunnel’s construction method via adapted injection grouting — analogous 
to ‘3D printing’. A) The HDD bores and HDPE lining are placed into the target ground. B) Multitudes 
of Bots form individual injections to form the designed structure. C) Detailed view of the Bots drilling 
into the pipe and extending deployment needles into geology. Individual plumes/block are illustrated. 
D) Once all injections are finished, excavation of the tunnel’s centre can be conducted. 


Robots from the hyperSwarm are based on a core robot (the Tractor) and a range of flexible 
toolsets (the Payloads) for each of the core construction processes that will ideally be operating 
in any geological condition. The ‘endgame’ hyperTunnel solution consists of swarms of 1000’s 
of low-cost simple Tractor and Payload pairs (here-in referred as Bots), acting as a learning and 
interconnected swarm, rather than individual bots. The various developed hyperSwarm toolsets 
will be used across each of the different client solutions for underground construction, including 
but not limited to new builds, enlargements, repairs, maintenance, and monitoring. 

To provide a clean and stable environment for the hyperSwarm bots to operate, 280 mm 
diameter HDPE pipes are installed along the length of the proposed tunnel using conventional 
horizontal drilling methods (such as HDD). The pipes are configured around the perimeter of 
the proposed tunnel. Bots are designed to run inside the pipes, performing their range of core 
functions. This approach allows the robotic swarm to effectively print a structure within the 
geology pre-excavation, with minimal disruption to any external environment or infrastruc- 
ture. Depending on the ground conditions present, the printing method utilised will either be 
adapted conventional injection grouting techniques or a novel in-situ casting technique. 
Figure 1 illustrates the former process described. 

3D printing, or ‘additive manufacturing’, is a method by which only required material is 
added in the locations needed to construct a product, rather than taking a bulk mass of mater- 
ial and subtracting material from it to construct a product. This definition effectively describes 
the construction approach utilised by hyperSwarm, hence its adoption. Additive manufacturing 
approaches bring several advantages in the mechanical engineering world, including the speed 
of manufacture and the ability to make geometries previously restricted in traditional machin- 
ing (TWI, 2019). The manufacturing process equally has its limitations, and it is not always 
competitive in the case of high-volume manufacturing (TWI, 2019). In the case of tunnelling 
and civil structures, every project has unique applications, setting and requirements, and to 
this end the use of 3D printing analogous methods may be more appropriate or advantageous. 

In nature we observe multiple instances of structure, often subterranean, being constructed by 
huge swarms of animals which in themselves are a tiny fraction of the size of the overall structure. 
Figure 2 shows a photograph of such as structure: a large underground nest built by the leaf cutter 
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ant. The analogy and benefits can be extended to robotics for tunnel construction and repair in 
several ways; removing the human safety risk, carrying out specific and controlled treatment as 
required throughout the structure, eliminating total system stoppage from ‘single point’ system 
failure, enabling concurrent works throughout the full structure for speed and efficiency, and the 
ability to react rapidly and flexibly to new and changing conditions. We also see in animals, that 
they are simply excavating geology to generate a habitat, in the form of voids in the geology 
(Farji-Brener, 2000). This is possible due to the natural stability of the geology when compared to 
the relative size of the construction. Equally the animal swarm will continue to monitor the struc- 
ture and repair or enlarge it over time. This later point is significant in the civil environment as the 
need is present for structures to retain integrity with minimal maintenance to mitigate failure. 


Figure 2. Excavation of a large nest of leaf cutter ants (O’Brien et al. 2015). 


In civil engineering we find ourselves needing to construct subterranean cavities that exceed 
sizes at which they would naturally be considered as self-supporting, or for which the certainty 
of natural stability cannot be explicitly asserted. There remains a duty to ensure that these 
structures through which people and/or assets will pass have structural integrity through their 
life-cycle. This commonly necessitates reinforcement of the ground, and in most cases the add- 
ition of engineered structural elements. In modern tunnel constructions, the use of supplemen- 
tary lining materials is common to ensure this integrity — this being placed immediately after 
the TBM in most cases (BTS, 2004). 

A technique commonly used to stabilise, waterproof or supplement geology in tunnelling 
projects is that of grouting. Littlejohn (2003a, 2003b) provides a detailed summary of the vari- 
ous applications of grouting, including grouting techniques such as permeation and compac- 
tion. Rawlings et al. (2000) also notes that grouting, in particular permeation grouting, is 
generally used to reduce ground permeability, but can be utilized for strengthening and stiffen- 
ing ground. One grouting technique, TAM (Tube 4 Manchette), has been developed to better 
control the placement of grout (as illustrated in Figure 3A). However, the TAM process is still 
limited in its flexibility and application, as well as being presented with the challenge of con- 
firming the placement of grout and properties of resultant composite once injected and cured. 

hyperTunnel’s method proposes to adapt and improve upon the TAM principle through 
the strategic and measurable injections of multiple small (approx. 5 litres per deployment) 
grout ‘plumes’ to a prescribed design intent and corresponding injection sequence. The 
hyperSwarm is responsible for the necessary functions to conduct these injections (as illus- 
trated in Figure 1), as well as geotechnical and geophysical surveying processes which are 
deployed to characterise the geometry and evaluate the composite’s spatial extent and material 
properties. Figure 3B provides a cross-sectional view of the described ‘micro’ injections. 
A notable advantage of this approach is the ability for the design to be compensated in 
response to ongoing processes or geological variations encountered. 

This paper discusses the work undertaken by hyperTunnel to demonstrate the feasibility of 
this ‘additive’ construction method using swarm robotics. Examples of product trials and devel- 
opment are provided along with large-scaled demonstration structures. This will include design 
considerations, process development, chemistry delivery mechanism, trial work outcomes, and 
future developments. 
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Figure 3. A) Illustration of the principle of TAM grouting (Lees 2019). B) Cross-section illustrating 
adapted grout injection process. HDPE pipe (blue) is shown installed within geology (textured brown). 
hyperSwarm bots drill HDPE pipe and install hyper Bits which facilitate the targeted and controlled injec- 
tion of grout - a composite plume is created (grey). 


2 DEVELOPMENT AND DEMONSTRATION METHODOLOGY 


A key challenge facing the underground construction industry is the wide range of 
potential geological conditions that can be encountered, often just in a single project. 
Broadly speaking, the geologies can be grouped into categories: superficial and made 
ground, engineered ground, sand and gravel (granular), silts and clays (cohesive), soft 
rock and hard rocks. Ground conditions can see these various geologies both adjacent 
and mixed at various ratios. Within these geologies are even further qualifying proper- 
ties, conditions, and scenarios: the presence of water, stability and in-situ stress regimes, 
proximity to working or sensitive assets, environmental factors, and seasonal effects. 
This paper will discuss technology development and demonstrations associated with 
sands, gravels and made ground. Further works may demonstrate the ability to use simi- 
lar methods on alternative geological settings, however these techniques are presently 
under development by hyperTunnel. 

hyperTunnel’s application of additive methods results in a structure that is built using 
a series of discrete elements (i.e., composite plumes). Appropriately, the construction method- 
ology must complete several primary activities to sufficiently define an intended structure: 
characterisation of the geological materials present, identification of appropriate processes 
and material additives with which to form the intended structure, and both design and simu- 
late the proposed structure. 

Characterisation of the geology may be conducted by several pre-existing methods via geo- 
technical investigation and testing. In addition to standard characterisation, hyperTunnel’s 
robotics include two novel toolsets which incorporate ground penetrating radar and seismic 
investigation techniques. These two toolsets greatly increase the resolution of non-destructive 
characterisation. They are further complemented by “digital twin” processes which aids detailed 
design. Following characterisation of the geology, work is conducted to identify appropriate 
processes and design configurations. 


3 TECHNOLOGY DEMONSTRATIONS 


In collaboration with Master Builders Solutions (MBS) and Network Rail (NR), hyperTunnel 
has successfully undertaken trials to demonstrate the ability to form viable composites from nat- 
ural geology, constructed three large-scale trial structures, and has recently completed “Peak XV” 
(a tunnel structure generated by eight robots, built within a 6 m long, 160 tonne, synthesised 
underground environment made of conditioned sand). hyperTunnel has also previously success- 
fully demonstrated the tunnel concepts at a smaller scale and with other base-geology. The Peak 
XV project is illustrated in Figure 4 and was built by the processes described in Sections | and 2; 
swarm robots accessed the installed HDPE pipe network to 3D print (via additive methods/ 
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injection grouting) a tunnel archway, the inside of which was then excavated to form a 6 m long 
by approx. 2 m tall and wide tunnel made with a sand-grout composite. The construction process 
used to build Peak XV was developed and refined over a series of trials that are detailed below. 


3.1 Process development 


Selecting an appropriate additive chemistry with which to form suitable composite plume 
properties (with the sand already sourced) was initially based around those available from 
MBS and filtered to those more appropriate for permeation into sand soils. Several chemis- 
tries were trialled to investigate their performance for permeation and composite properties, 
including colloidal silicas and micro-fine Portland cements. Several chemistries were identified 
in initial stages but were discounted for selection on various grounds. These included acrylic 
resins and polyurethane compounds. 

Process and chemistry trials focus on individual plume and material characteristics, charac- 
teristics of conjoined plumes, the controllability and ease of chemistry injection, as well as the 
chemistry’s ease of integration with developed robots. While the strength of the composite 
material greatly influenced the feasibility of a chemistry for use in the design of Peak XV, the 
suitability of the chemistry for application by the robotic swarm was equally critical to 


Figure 4. (Left) CAD model of Peak XV project, showing two shipping containers, metal framework 
and wood shuttering constraining a large mass of conditioned sand. HDPE pipes are installed through 
the earth chamber and geotechnical monitoring boreholes can be seen protruding from the upper surface. 
(Right) Photo of built Peak XV structure prior to commencing robotic construction process. 


Figure 5. A) Single plumes formed in isolation via small scale sandbag and IBC tests as a part of pro- 
cess development. B) Early trials of injections from HDPE pipes, featuring pre-installed needles and 
plumbing for chemistry injection ahead of robot trials. C) Exhumed plume formations as a part of devel- 
oping injection sequences and analysing proximity effects. D) A two-pipe trial testing multiple plume 
interaction and structural element development. 
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success. As such, a series of concurrent process trials were run at the same time as laboratory 
testing of the composite properties. Trial stages included: 


— Sandbag trials: Single plumes injected into a | tonne sandbag containing selected sand 
Single plumes injected into an 1000 litre IBC of selected sand 

— Chamber trials: Multiple plumes injected into selected sand from single HDPE pipes 

— Chamber trials: Multiple plumes injected into selected sand from multiple HDPE pipes 

— Chamber trials: Multiple plumes injected into selected sand from multiple pipes with robots 


Samples were taken from composites produced in each trial and tested for material proper- 
ties in general accordance with ASTM and BS testing methods. Compressive strength, elastic 
modulus, tensile strength, and other key properties were of interest. Figure 5 provides photos 
of several stages of process trials that were conducted as a part of Peak XV development. 


A) B) 


Figure 6. A) CAD representation of design plume locations for the fabrication of Peak XV tunnel arch- 
way. B) Plaxis 2D cross-section showing analysis of a Peak XV variant - featuring one row of plumes 
instead of two rows. 


Figure 7. Chemical deployment robot as used in the construction of Peak XV. 


The permeation of chemistry into a soil is affected by the soil properties (e.g., permeability 
and porosity), chemistry properties (e.g., viscosity and particle sizes (if applicable)), and oper- 
ational/environmental factors (e.g., injection pressures, temperatures, etc.) (Rawlings et al. 
2000). As the soil properties cannot be adjusted with ease, the chemistry properties and injec- 
tion pressure/duration were adapted to generate suitable permeation parameters. After trials 
of representative soils, chemistries and operational approaches were completed, an optimised 
process was documented and prescribed to the robotic swarm for deployment into the pro- 
posed Peak XV structural design. Figure 6A illustrates a CAD rendering of the prescribed 
deployment information applied— this included drill, needle and injection locations, injection 
volumes and injection sequencing. This proposed structural design was first evaluated prior to 
acceptance as the design intent for Peak XV. 


3.2 Structural design 


An iterative design process was applied to Peak XV in parallel with process trials; A ‘design 
intent’ for the Peak XV archway was adjusted and improved as process trials informed feasi- 
bility, and trials were adjusted to address newly identified process or design restrictions. 
Evaluation of the Peak XV structural design was conducted with the assistance of finite elem- 
ent modelling (FEM) program Plaxis 2D and 3D (exampled by Figure 6B). 

Peak XV’s structural design intent considered guidance from industry standard design frame- 
works (e.g., Eurocode 7). Plaxis was used to evaluate the apparent structural reserves of proposed 
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configurations of composite placement. As detailed in Section 3.1 the evaluated structural design 
intent was broken down into individual process elements for swarm robots to conduct. 


3.3 Building using hyper Swarm 


The Peak XV structure was built with the use of eight proprietary robotic toolsets. The robotic 
swarm included drilling bots, bots installing injection needles into the geology from the pipes, and 
a deployment bots, responsible for the delivery of chemistry into the ground at prescribed 
positions. 

Each of the swarm activities will be subject to inevitable process variation and therefore all 
robotic functions are monitored and recorded for quality control purposes. Feedback from 
robots allows hyperTunnel’s process to identify procedures that have varied from design (e.g., 
needle installation failure). Logged faults are evaluated, and remedial functions assigned to the 
robotic swarm to facilitate delivery of design intent. In addition to operational logs, hyperTun- 
nel’s survey toolset robots are deployed during processing to evaluate the structure’s formation. 

The hyperTunnel survey toolset is key in verifying that the as-built structure meets design 
requirements, and consists of two key toolsets: hyperDAR (equipped with ground penetrating 
radar (GPR)) and hyperSeis (equipped with seismic tomography). The toolsets are specifically 
used to confirm the as-built structure falls within allowable variances to the design intent and 
evaluates the readiness (curing state) of the structure ahead of excavation. 


Figure 8. Rendering of processed deployment data. Plume sizes and positions are correlated with 
record injection coordinates, injection volumes and sequences. 


3.4 As-built verification and excavation 


hyperTunnel developed a virtual model (Digital Twin) of the ‘as-built’ Peak XV trial structure 
prior to excavation. The virtual model, shown in Figure 8, aided hyperTunnel in assessing 
whether the ‘as-built’ structure was unstable or varied unfavourably from the design intent. 

Understanding the data used to make such assessments, as well as its limitations, is crucial. 
Process data from the robotic swarm provides confirmed injection locations and volumes. 
Survey data from hyperDAR and hyperSeis methods indicates whether composite is present 
or likely not present where intended. Instrumentation (e.g., vertical inclinometers, horizontal 
extensometers, accelerometers, pressure, temperature, moisture gauges and other IOT-based 
sensors) provides information including stress and strain experienced during construction 
(and as excavated). The insertion of non-injecting needles to a point of deliberate refusal on 
cured composite (probing) provides discrete point data of confirmed composite positions. 
And finally, quality assurance processes during construction (such as batch sampling and test- 
ing) highlight discrepancies in grout properties. 

Direct visual confirmation of the ‘as-built’ structure and destructive samples to confirm 
achieved in-situ material properties is not available until excavation is complete. Assessing the 
structural integrity prior to excavation is therefore solely based on the implicit data sets 
detailed above. hyperTunnel’s combined use of multiple survey techniques and the continued 
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development of this proprietary toolset is deliberately focused on acquiring a source of explicit 
verification. The implied structure was re-evaluated with Plaxis and excavation activities were 
given approval to proceed on the basis that no obtained information suggested the “as built’ 
was inherently unstable. 

Excavation of the Peak XV structure was conducted over several days in conjunction with 
continual logging via noted instrumentation, which confirmed negligible displacement of the 
structure. Photographs of various stages in the excavation are shown in Figure 9. The Peak 
XV structure remains standing (with overburden in place) as a successful demonstration of 
the hyperSwarm construction method and will be subject to further works to assess its compe- 
tence and structural reserves. 


4 CONCLUSIONS AND FUTURE WORKS 


This paper has discussed the motivation for, methods developed, considerations, and trial results 
of hyperTunnel’s proposed construction method — 3D printing of underground civil structure 
with hyperSwarm. The feasibility of the proposed method, and its underlying processes, was 
exampled through a large-scale trial (Peak XV) which showed the successful construction of 
tunnel archway by early generation hyperTunnel proprietary swarm robot technologies. 

The underground construction industry requires several solutions including but not limited 
to, slope stabilisation, tunnel repair, dewatering and water stoppage, underpass/cross passage 
construction, tunnel enlargement, new tunnel construction, service chamber construction, 
monitoring, and maintenance. hyperTunnel’s approach to construction and assessment of 
structures with the hyperSwarm could foreseeably be tailored to any of the above projects. 

hyperTunnel continues to develop its methods and technological capabilities. Future works 
will investigate alternative geological settings and processes with which to generate structures, 
aiming to further provide demonstrations of commercial feasibility. 


Figure 9. Staged excavation of Peak XV technology demonstrator. Progress shown left to right, top 
panel then bottom panel of photos. Sand was excavated from beneath the fabricated composite archway. 
Exposed internal surface of the archway is observed to undulate in agreement with plume spacings. 
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ABSTRACT: In the prognosis of internal forces in segmental tunnel linings engineers face 
major uncertainties. This is due to e.g. the complex load-bearing behavior and simplified assump- 
tions in calculations. It leads to an unclear reliability of segmental linings, which is unfavorable 
especially in challenging loading conditions e.g. due to high-rise buildings in the vicinity of inner- 
city tunnels. Hence, a better insight into the real structural behavior and the actual internal forces 
is desirable. So far no standardized or well-established structural monitoring system exists for seg- 
mental linings. This is why a new innovative structural monitoring system for long-term measure- 
ments has been developed. The monitoring system is applied to the segmental linings of a newly 
build inner-city tunnel. The development process, the instrumentation and the functionality of the 
system are presented as well as measurement results. Finally, insights into the real structural 
behavior gained by the measurements are given and findings are discussed. 


1 INTRODUCTION 


In mined tunneling, two main groups of state-of-the-art excavation methods exist: the conven- 
tional excavation methods and the mechanized excavation methods, which can both be further 
divided into several subgroups like sprayed concrete method or shield machine driving 
(DAUB 1997). The conventional excavation methods have been used reliably and successfully 
for many decades. But lately the mechanized, shield driven excavation method has gained 
importance following major improvements in tunnel boring machine (TBM) technology 
(Fischer et al. 2014). 

Because of its continuously growing application possibilities and its advantages for modern 
infrastructural projects within cities and for long-distance tunnels (Maid et al. 2011), the cur- 
rent research focus of the authors is on shield driven tunnels and the associated segmental 
tunnel linings. 

In the structural design of segmental tunnel linings engineers face major uncertainties and 
challenges. The prediction of internal forces for all tunnel linings is complicated on the one 
hand by the natural scatter of geological parameters and limited ground investigations. On 
the other hand, for segmental tunnel linings the complex load-bearing behavior and the soil- 
structure interaction are taken into account only by simplified assumptions in calculations. 

The uncertainties regarding the really acting internal forces make a precise determination of 
the reliability of segmental tunnel linings difficult. Because of the importance of tunnels for an 
efficient infrastructure, better insights into the real load-bearing behavior and the internal 
forces as well as improved calculation approaches are desirable. 

This is why in a current research project the authors are performing an extensive in-situ 
monitoring on segmental tunnel linings using a newly developed approach to gain a better 
understanding and new insights into the really acting internal forces and the undisturbed in- 
situ load-bearing behavior. In this paper the concept of the monitoring system is presented as 
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well as its in-situ application on a newly build shield driven tunnel including measurement 
data, further analyses and interesting findings. 


2 MONITORING SYSTEM 


The monitoring system was newly developed to observe the really acting internal forces and 
their development in segmental tunnel linings as realistically as possible. Figure 1 depicts the 
concept of the monitoring system including its components and the required workflow, 
described in the following sections. 


2.1 Basics and workflow of the monitoring system 


The goal of any structural monitoring is to gain information on the real load-bearing behavior. 
Therefore, the monitoring system must ensure the required accuracy and be capable to capture 
the targeted effects. It’s application (e.g. the installed sensors) must not disturb the structural 
behavior, i.e. not cause changes in the systems’ stiffness or a redistribution of forces. 

To fulfill these requirements strain sensors are used to observe the load-bearing behavior. 
To measure the undisturbed behavior, the strain sensors are placed on the inside of the lining’s 
segments. Several segments, equipped with sensors, are then assembled to form a complete 
ring, called measurement ring. 

Strains and internal forces are related to each other by structural laws. Therefore, back- 
calculations from the measured strains are performed to get the internal forces at different 
cross-sections along the measurement ring’s circumference. These cross-sections consist at 
least of two, but generally of three strain sensors positioned along the radial direction, as 
depicted in Figures 2 and 4. This is necessary to back-calculate not only to normal forces, but 
also to bending moments. Also, it ensures some redundancy of the monitoring. The workflow 
belonging to the in-situ measurements is depicted on the left side of Figure 1. 


| Concept of Monitoring System 


| Internal Forces in Segmental Tunnel Linings 


Figure 1. Monitoring concept. 


To perform the back-calculations a corresponding model was established: it gets the meas- 
ured strains as input and computes the internal forces as output. The main structure of the 
back-calculation model was first developed from general theoretical considerations and was 
validated by full-scale tests in the tunnel segment testing rig (see Section 2.3.3). To achieve 
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a high accuracy, results from project specific small-scale material test and full-scale tests are 
used to calibrate the back-calculation model. The back-calculation model is then ready to be 
applied on in-situ strain data to get the internal forces really acting in segmental tunnel linings. 
The workflow corresponding to the back-calculations is depicted on the right side of Figure 1. 


2.2 The back-calculation model 


The back-calculation model gets measurement data from two (or three) strain sensors in every 
cross section as input and delivers the corresponding internal forces, normal force and bend- 
ing moment, caused by external loads (e.g. earth and water pressure) as output. 

When applied, external loads immediately cause instant strains, which are related to the 
internal forces by structural laws. However, because of its material characteristics concrete 
shows a pronounced long-term deformation behavior under load. Therefore, creep and 
shrinkage strains and additionally also temperature strains develop, which are all included in 
the raw strain measurement data (total strains) acquired by the strain sensors. Equation 1 
shows the components of the total strains. 


Eror(t, to) = eilt) F Eor(t, to) + Eshr(t) + éar(t, to) (1) 


where tot = total strains; s; = instant strains; €r = creep strains; €,,, = shrinkage strains; é,7 
= temperature strains; to = time of loading; t = time of measurement. 

For the back-calculations the instant strains must be separated from the total strains. 
Because of the project-specific circumstances of the monitoring project presented in this paper 
(see Section 3), the time period between the cast of the measurement ring segments and their 
assembly is long. Therefore, shrinkage is negligible and not further taken into account here. 
Hence, considering Equations 2 and 1 can be rearrange to Equation 3. 


Ecr(t, to) = e;(t) * y(t, to) (2) 
Erot) — ear (t) 
OS TEA) n 


where ọ = creep coefficient. 

Once the instant strains are separated from the total strains, they are still only known at 
sensor locations. However, to get the internal forces the strain distribution over the cross- 
sections’ height is required. The distribution is assumed to follow a hyperbolic function as 
described in (Heimeshoff 1967) and computed accordingly. Then, a suitable non-linear con- 
crete material law o = f(e) is applied to get the stress distribution, as shown in Figure 2. 
Finally, to get the internal forces a numerical integration over the stress distribution using 
Simpson’s Rule is performed. 


e  o=f(e) 
Figure 2. Strain and stress distribution considering two sensors. 
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2.3 Validation and calibration 


To improve the quality of the monitoring results an extensive calibration and validation pro- 
gram was performed including small-scale and full-scale as well as short-term and long-term 
laboratory tests. 

A sensitivity analysis identified parameters that are mainly influencing the back-calculation 
results. These must therefore be known and understood as precisely as possible. Although also 
other parameters were investigated, in this paper for the sake of brevity only the three most 
relevant, listed in Table 1 are discussed. 


Table 1. Parameters with high or medium sensitivity. 


Parameter Sensitivity 
Calculation of concrete creep strains high 
Modulus of elasticity (concrete) medium 
Uncertainties regarding the strain distribution in cross sections medium 


2.3.1 Calculation of concrete creep strains 

As shown in Table 1 a precise calculation of concrete creep strains plays a key role for the 
back-calculation results. The reason therefore is that creep strains can be up to three times as 
large as the corresponding instant strains for typical boundary conditions in tunneling (fib 
2010). The relevance of this becomes evident if one considers Equations | and 3: (too) large 
deviations in the calculation of concrete creep affect the back-calculation results greatly. 

This is why the assessment of concrete creep was investigated intensively. First, a theoretical 
study identified a creep model suited for the required calculations: the creep model of the fib 
Model Code 2010 (fib 2010). Then, the creep behavior was investigated experimentally by 
long-term loading tests on small-scale concrete specimens. Finally, full-scale long-term loading 
tests were carried out in the tunnel segment testing rig (see Section 2.3.3). The experimental 
data was used to calibrate the selected creep model following (Havlasek 2014) to improve its 
accuracy. 

Generally small creep strains reduce the influence of and the uncertainties caused by this 
parameter. Since creep deformations are smaller, if the loading age is higher (Bazant & Jirasek 
2018), a general recommendation is to assembly measurement rings at the highest possible 
concrete age. This can be accomplished e.g. if the segments of the measurement rings are 
instrumented and cast as early as possible and stored in a save place without the risk of mech- 
anical damage until the TBM advances to the planned position. 


2.3.2 Modulus of elasticity (concrete) 

The modulus of elasticity and in general the material law used to define the strain-stress 
relation of concrete are also affecting the back-calculation results. This is why multiple 
small-scale material test at different concrete ages were carried out to determine these 
parameters as precisely as possible. For the current monitoring project presented in this 
paper (see Section 3) the general stress level corresponds to the linear material behavior. 
This is why especially the modulus of elasticity is of importance, determined here to 
about 36,400 MPa. The achieved material law was then applied to full-scale calibration 
test to confirm its applicability. 


2.3.3 Uncertainties regarding the strain distribution in cross sections 

As described in Section 2.2 several considerations, mechanisms, material properties and 
assumption are part of the back-calculation process. Some of them can be investigated indi- 
vidually in experimental investigations and some of them cannot and must therefore be con- 
firmed in full-scale tests. The latter is the case for the assumption of a hyperbolic strain 
distribution considering additionally e.g. slight deviations from the planned sensor position 
and orientation. 
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Figure 3. Tunnel segment testing rig. 


The full-scale tests were carried out in the tunnel segment testing rig depicted in 
Figure 3 by loading segments, equipped equally to those assembled in-situ, in original 
size avoiding upscaling effects. The load levels were set equal to those expected in situ. 
The setup of the tunnel segment testing rig and its functionality were presented in 
(Rauch & Fischer 2022). 

The full-scale test showed that the required accuracy of the back-calculation results can be 
achieved with the developed back-calculation model. 


3 MONITORING APPLICATION AND MEASUREMENT RESULTS 


The monitoring system presented in Section 2 was applied in-situ on segmental linings of 
a newly build inner-city tunnel in Frankfurt (Main), Germany (Budach et al. 2020). One 
design challenge of this tunneling project is a 175 m tall skyscraper planned to be con- 
structed in close vicinity to the tunnel. In calculations, this leads to high stresses in the 
tunnel lining and asks for a deeper insight into the real internal forces in the tunnel lin- 
ings. The application of the monitoring system as well as some measurement results are 
presented in this section. 


3.1 In-situ monitoring 


For this monitoring project the segments of two measurement rings were equipped with 
strain sensors to determine the internal forces and survey their development. 
A schematic representation of one measurement ring is depicted in Figure 4. Figure 4 
includes also the cross-section labels referenced to in the following figures that are com- 
posed of the segment numeration (A-E) and a number (1-4). Technical aspects of the 
instrumentation were also presented in (Rauch & Fischer 2022) and are not discussed 
here in detail for the sake of brevity. 

It is worth mentioning, that each measurement ring includes 13 cross-sections (A1-E3) 
along the circumference with two or three strain sensors to measure the strains in tan- 
gential direction. The strain sensors were positioned on the reinforcement bars and in 
the centerline. Moreover, four additional cross-sections (B1, B3, D1, D3) were equipped 
with strain sensors in longitudinal direction to investigate the development of forces in 
longitudinal direction originally caused by the jacking forces of the TBM. These forces 
are responsible for coupling effects between neighboring rings in the ring joints leading 
to a distribution of forces in longitudinal direction and therefore affecting the load- 
bearing behavior of the segmental linings. 
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= 26 strain gauges (circumferential) 
=== 13 vibrating wire transducers (circumferential) 
@ 8 vibrating wire transducers (longitudinal) 


Figure 4. Schematic representation of a measurement ring with cross-section labels (A1 — E3). 


The first measurement ring was installed in July 2020 and the second in May 2021. Strain 
measurements have been carried out from the very beginning on to get insights into the load- 
bearing behavior over the whole “lifetime” of the tunnel. Until now, in total, about 2 years of 
measurement data acquired every 15 minutes, have been evaluated. The measurement is 
planned to be continued for multiple years. 


3.2 Measurement results 


For the sake of brevity only back-calculation results for one measurement ring are presented 
here. Figures 5 and 6 show the back-calculated internal forces in a standardized form. 

Figure 5 shows the back-calculated normal forces at different cross-sections. It can be 
observed, that a great percentage of the final value develops in the first hours and days. After, 
the curves stabilize and show only minor changes during the depicted 250 days of measurement. 

When looking at the bending moments in Figure 6 the behavior is similar to a certain extend. 
Also bending moments evolve fast during the first hours and days. But in difference to the 
normal forces, also during the following 250 days still some changes occur and trends are vis- 
ible, although the slope is much lower than at the very beginning. Anyway it must be men- 
tioned, that for some positions (e.g. El, E3) the moments are small which is why trends caused 
by minor changes are pronounced strongly and appear greater than they are in Figure 6. 

Figure 7 shows the back-calculation results for the longitudinal direction over time. For the 
analysis of the load-bearing behavior the coupling between two neighboring rings in the ring joint 
is of major interest. This coupling is here referred to as “compression”, because due to the flat 
joints coupling is only possible under compression. The compression was computed with strain 
data from the mentioned four additional cross-sections with sensors in longitudinal direction. 

The back-calculation procedure in longitudinal direction included many aspects of the 
back-calculation model for tangential direction explained in Section 2.2. The ring joint is con- 
sidered as a spring, that can be compressed and stretched but cannot transmit tensional 
forces. The results show that after maximum compression at the very beginning (TBM jacking 
forces) about 50 % of compression are lost during the first two weeks. The rest vanishes in 
about 25-50 days for segment B and 100-150 days for segment D. 


4 DISCUSSION 
The development of great parts of the internal forces, as back-calculated and depicted in Figures 5 


and 6, match the expectations in large parts. The reason for this observation can be found in the 
construction process. In shield machine driving, when advancing, the TBM necessarily excavates 
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Figure 5. Development of back-calculated standardized normal forces. 
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Figure 7. Development of back-calculated standardized compression in ring joint. 


an overcut, called annular gap (Maid et al. 2011). To ensure a complete bedding of the segmental 
tunnel lining the gap is filled with grout (annular gap grouting; in the present project, a two- 
component material was used that stiffens very quickly). The grout is brought in under pressure 
and as a result the lining is prestressed against the surrounding soil shortly after the segments 
assembly. In consequence, a great percentage of the final values of the internal forces develops 
immediately since the applied grouting pressure was set close to the expected earth pressure level. 
However, although the load levels are similar, the load distribution of earth pressure and grouting 
pressure differs. The load level is mainly governing the normal forces, while the load distribution 
controls the bending moments. Since redistribution of loads e.g. due to changes in the static 
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system (longitudinal compression decreases) and the ground behavior are possible, this explains, 
why normal forces stabilize early, while the bending moments show some changes later on. 

The behavior in longitudinal direction differs strongly from the tangential direction. Almost 
all developments regarding the compression happen in the first weeks and the compression 
vanishes thereafter. The reason for the difference between the longitudinal and the tangential 
direction is obviously the different loading situation. The longitudinal compression is caused 
by the jacking forces of the TBM applied when advancing. Right after the ring assembly the 
jacking forces act directly on the measurement rings, causing maximum compression. But 
with the advancement of the TBM the longitudinal forces are more and more transmitted to 
the surrounding soil and at a certain distance the jacking forces do not influence the measure- 
ment rings anymore. This behavior was observed in the presented measurements and also 
shown with simulations in (Arnau 2012). A certain compression is therefore “freezed” in the 
ring joints, when the TBM has reached the required distance. Then, continuous creep effects 
(and generally also shrinking, see Section 2.2) combined with deformations cause by tempera- 
ture reduce the compression quickly until it vanishes completely, as shown. 

It must be noted however that the results presented correspond to one single measurement 
ring. The second measurement ring installed for the presented monitoring project shows simi- 
lar results and a comparable behavior. This was expected since many boundary conditions are 
the same or similar. Although the basic mechanism described are expected to be valid gener- 
ally under comparable circumstances, the absolute values and development rates are project 
specific and depend on different parameters, like concrete specifications (creep behavior), the 
characteristics of the surrounding soil and the details of the shield driven tunneling method. 


5 CONCLUSIONS AND OUTLOOK 


In this paper, a new innovative structural monitoring system for segmental tunnel linings was pre- 
sented including some of the key challenges during the development process like the consideration 
of concrete creep. Then, the main aspects of the system’s application in a monitoring project for 
a newly build inner-city tunnel in Frankfurt (Main), Germany were shown. Some of the monitor- 
ing results achieved were unveiled and discussed. It was observed and analyzed that the develop- 
ment rates of the internal forces are much greater during the first couple of days than later on 
and that the reason therefore lies in the construction process, especially in the annular gap grout 
brought in under pressure. Moreover, it was shown, that the compression in the ring joints, 
responsible for the (friction-based) ring coupling in longitudinal direction, has its peak right after 
the segment assembly (due to the TBM jacking forces) and vanishes quickly afterwards. 

Following up the authors are developing the monitoring system further based on the experi- 
ences gained so far to allow its application for other projects to gain more insights into the real 
load-bearing behavior towards further innovations in segmental lining design. Also, analyses of 
the measurement data are continued. As the monitoring project and the measurements are going 
on a future research interest is i.a. on the long-term behavior of the segmental tunnel linings. 
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ABSTRACT: Faulting along the HS2 Chilterns tunnel alignment is underreported, so remote 
sensing data is used to identify the location of faults. The growing accessibility of remote sensing 
data means it is increasingly being harnessed for site investigation. However, this data is often 
large and time intensive to interrogate manually. As such, computer vision techniques can be 
employed to automate the identification of faults and tectonic lineaments along linear infra- 
structure in LiDAR-generated digital terrain models (DTM). This work aims to investigate how 
the surface expression of a fault can be seen in a region’s geomorphology using LiDAR data 
and to generate a DTM creating a script that automates fault identification using computer 
vision and evaluates the performance of the workflow against manually identified faulting. The 
algorithm is susceptible to man-made features and performs better at larger scales. Most manu- 
ally identified faults had corresponding tectonic lineaments; however, not every detected line 
segment corresponded to faulting. The results suggest that automated lineament extraction can 
be an effective tool for preliminary site investigation but should not be used without subsequent 
ground investigation to confirm any conclusions drawn. 


1 INTRODUCTION 


Ground investigation is an integral step when constructing all linear infrastructure. However, 
an added complexity is introduced when tunnelling is involved, where geological uncertainty 
could potentially govern and, if not considered, could easily lead to cost overruns and project 
delivery delays (Paraskevopoulou & Benardos, 2013). It is argued. However, that increased 
ground investigation correlates with lower cost overruns (Paskevopoulou & Boutsis, 2020). 
Nowadays, remote sensing data is increasingly easy to access, and the costs associated with 
these techniques are reducing. There are growing amounts of open-source data, including 
almost complete LIDAR coverage of the United Kingdom, available from the Environment 
Agency. Remote sensing data, including LiDAR data, can be used to identify faults and asso- 
ciated structures such as cliffs, valleys, ridges and fault scarps. This can be conducted remotely 
and removes the risks associated with site investigation that is conducted with someone on- 
site. Hobbs (1904) introduced the term lineaments to describe linear features such as fault 
markers, geological boundaries and coastlines. So the term ‘tectonic lineaments’ has been 
adopted in the literature to refer to linear features that arise due to tectonic activity. These 
lineaments include ridges, valleys and escarpments. In LiDAR data, tectonic lineaments often 
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present abrupt changes in brightness. An ‘edge’ in an image is a sharp change in pixel intensity 
(Ziou & Tabone, 2000). In this way, tectonic lineaments can be considered edges, and edge 
detection techniques can be used to automate the identification of these features. As a result, 
the location and quantity of fault-related structures can be theoretically obtained without 
requiring manual identification. Faulting often has a surface expression in a region’s geo- 
morphology, and remote sensing data such as LiDAR can capture these surface expressions. 
Geomorphological markers can indicate the presence of faulting and can be investigated with- 
out visiting the site, which in some cases can be crucial. Adopting computer vision techniques 
in Earth Sciences is a multidisciplinary approach that can save time and money. If geomor- 
phological markers are consistent and repeatable in remote sensing data, these attributes can 
automatically be used as a checklist to identify faults. 

For these reasons, remote sensing data should be one of the first stages of site investigation. 
However, remote sensing data is often large, and the time taken to identify fault markers in 
LiDAR data manually can be cost-prohibitive to remote sensing investigation being an excel- 
lent first step. Using computer vision techniques to automate the fault identification process 
can reduce the time taken to complete this stage of site investigation. 

This work aims to enable the automatic identification of faults and linear features such as 
ridges, escarpments and valleys in LIDAR data using computer vision techniques to determine 
whether an automated script can speed up the time taken to identify faulting in the geomorph- 
ology using remote sensing data. The study area is along the Chilterns tunnel, part of the new 
HS2 scheme and this area has already been investigated as part of a prior ground investiga- 
tion, where significantly more faulting was identified than that which had been previously 
reported. As a result, it is the ideal location to test an automated method, as the effectiveness 
of the workflow can be evaluated and compared against more traditional methods. 


2 BACKGROUND 


A brief overview of the geomorphology of faults and an introduction of remote sensing 
methods and computer vision techniques are presented herein to set the scope of this work 
which is the site investigation using two-dimensional data. Whilst prior work has been com- 
pleted in automating fault identification, only one study has investigated this within the UK 
(Yeomans et al., 2019). This was carried out in the South-West and at a regional scale, cover- 
ing the entirety of the counties Devon and Cornwall. No work, until now, has yet to investi- 
gate the automation of fault identification in the South-East at a full scale of 1:60000 for 
linear infrastructure ground investigation. 


2.1 Geomorphology of faults 


Different types of faults will have different morphological expressions. Along the principal 
deformation zone of a strike-slip fault, a linear trough will develop, either because the material 
is weaker due to brecciation or the offsetting of streams due to fault displacement. Sag ponds, 
scarps, and offset ridges are common geomorphological indicators of strike-slip faults. 
Beheaded stream valleys can be found on the downslope side of a fault, as can shutter ridges, 
where a ridge cuts off a stream. Alluvial fans can develop where a stream emerges from the 
confined and mountainous region into a flatter terrain. Straight contacts between fluvial 
deposits indicate recent faulting (Wesson et al., 1975). Variations in vegetation, especially in 
a line, can also indicate faulting (Wesson et al., 1975). Of course, it is rare to have a fault that 
has purely strike-slip or dip-slip action, so most faults have both types of movement, and 
therefore, there is a broad overlap or geomorphological fault expressions. Scarps are 
a standard geomorphological marker found in dip-slip faults. A free face, formed when a slip 
occurs, will gradually degrade with material accumulating at the bottom of the slope as 
a debris slope. Another slip episode will create a characteristic morphology of a steep slope 
with a rounded crest (Brunori et al., 2013). Faulting can also lead to the development of wine 
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glass valleys due to increased fault displacement and erosion down to a new base level. There 
will be a decrease in slope angle with progressive slope retreat (Fenton et al., 2003). Normal 
faulting can also be characterised by developing a triangular facet that terminates the ridge 
above the fault scarp (Graveleau et al., 2015). 


2.2 Remote sensing 


Remote sensing is a valuable acquisition method as it can save time and cost and is a safer 
form of data acquisition than that conducted in the field. Furthermore, post-processing can 
reveal information about the site that is not visible to the human eye. Many remote sensing 
techniques exist, including aerial photography and photogrammetry, satellite imagery, radar 
and associated techniques such as InSAR and LiDAR (Light Detection and Ranging). 
LiDAR is an active remote sensing system that emits a laser beam and records its return. 
LiDAR operates on either pulsed lasers, which calculate the distance by the time it takes for 
the beam to travel and return or continuous wave lasers, which calculate the distance travelled 
by phase differences. However, pulse lasers are more common (Wehr & Lohr, 1999). In add- 
ition, a positioning system and initial measurement unit record the data’s position and orien- 
tation. The potential uses of LiDAR are wide-ranging and can include glacier monitoring, 
landslide monitoring, mapping of linear infrastructure, the generation of DTMs and vegeta- 
tion studies (Wehr & Lohr, 1999). It is also used for rock mass classification (Farmakis et al., 
2019). LiDAR differs from other remote sensing techniques in that the collected data can be 
processed to remove vegetation and other surfaces from the ground surface. An emitted pulse 
can record multiple returns, which can then be filtered so that only the desired pulse remains 
(Kerle et al., 2004). This way, it can produce different digital surface models (DSM). A DSM 
where all returns except the final return are filtered out is a DTM, representing the elevation 
of the ground surface beneath obstructions such as vegetation. Limitations of the LIDAR 
system include the potential for high cost and the dependence on suitable weather conditions. 
Fortunately, the Environment Agency provides LiDAR data free of cost that covers most of 
the United Kingdom. The accuracy of LiDAR positioning also decreases with steep terrain 
due to the distortion of the laser beam. 


2.3 Computer vision techniques 


The automation of geomorphic feature identification is essential for two reasons. Firstly, 
automation removes the subjectivity associated with human identification (Argialas & Mav- 
rantza, 2004). Secondly, automating the process significantly reduces the time required to 
identify these features. Advances in semi-automatic rock mass characterisation have also been 
made using LIDAR point clouds (Gigli & Casagli, 2011; Riquelme et al., 2014). Furthermore, 
as it is possible to collect data multi-temporally, LIDAR has been used to monitor deform- 
ation such as landslides (Karantanellis et al., 2019), (Carrea et al., 2012) and rockfalls, as well 
as sediment transport (Bechet et al., 2016). Table 1 summarises computer vision techniques 
used to identify geomorphological features highlighting their advantages and disadvantages. 

Difficulties arise when automating fault identification due to the similarity in the expression 
of faults to other linear features, such as linear infrastructure and streams. This is generally 
circumvented by removing identified features that correspond spatially with linear features 
marked as streams or roads on other maps. In addition, the automatic lineament extraction 
results can be compared with existing geological datasets to check for accuracy, for example, 
the DigiMap dataset from the British Geological Survey (Yeomans et al., 2019). However, 
automatic extraction of lineaments corresponding to fault and fault-related structures has yet 
to be attempted in the study area of southeast England, as mentioned. Furthermore, despite 
achieving good results in other study areas, the Canny edge detection method has yet to be 
used to identify geomorphological markers within the United Kingdom. So this project aims 
to test this technique to effectively and accurately identify fault-related structures from 
LiDAR imagery. 
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Table 1. 


Summary list of computer vision techniques. 


Method Description Advantages Disadvantages 
OBIA Object-based Image Analysis Allows for the integration Less efficient than other 
uses image segmentation algo- of multiple datasets from methods in terms of com- 
rithms to group similar pixels different sources (e.g. geo- puter processing time. 
into objects. physical, optical imagery Requires some level of 
and ALS). Includes meta- expertise on the part of the 
data and are related to user to develop object 
other objects spatially. types. 
Canny The Canny edge detection Edge pixels are identified at Relies on user input to 
Edge method looks at pixels and clas- their true location, are not establish maximum and 
sifies them as edges depending duplicated, and do not get minimum thresholds for 
on their relation to surrounding missed. Has been used suc- determining which edges 
pixels. In Earth Sciences, these cessfully for the detection are pixels. Some images 
edges correspond to geomorpho- of fault/tectonic lineament need preprocessing for opti- 
logical and geological lineaments extraction. mum edge detection. Some 
that can be surface expressions images need preprocessing 
of faulting. for optimum edge 
detection. 
Hough The Hough transform is Can be used after other When compared to other 
Transform a process that detects straight edge detection techniques geological lineament maps, 
lines. In Earth Sciences, the to extract multiple edge the extracted features are 
Hough Transform has been used pixels as one linear feature. missed or do not corres- 
to detect geological lineaments pond spatially. 
corresponding to mineral veins, 
and fault structures. In the litera- 
ture, this computer vision tech- 
nique is usually used after edge 
detection has been completed. 
Curvature Looks at topographic curvature Uses 3D point cloud and so Needs a large amount of 
Analysis for feature recognition. Curva- is not reliant on image pre- computing power to deal 


Tool, a software package, has 
been developed to detect edges 
on an outcrop but is also applic- 
able to larger scale geomorpho- 
logical studies. 


3 METHODOLOGY 


3.1 


processing. 


Area of interest - Chiltern Tunnels, UK 


with 3D data sets. 


The study area is along part of High Speed (HS) 2, namely the Chilterns Tunnel that run 
through Buckinghamshire beneath the Chiltern Hills. The Chilterns Tunnel is part of Phase 
One of the HS2 project, which will connect London and Birmingham. The HS2 project is 
intended to provide better connectivity between London and the North and the alignment of 
the Chilterns Tunnel is 16km in length. 


3.2 Geological setting — Chiltern Tunnels, UK 


The geology of the Chiltern Hills is predominantly the White Chalk subgroup that sits con- 
formably above the Grey Chalk subgroup (Figure 2), both of which dips slightly to the South- 
East and form a steep scarp to the North-West (Murton et al., 2015). 

Initial interrogation of geological maps and reports in the area suggest no faulting along the 
tunnel alignment, as none have been reported (British Geological Society, 2020). There needs 
to be more information in the literature about faulting in the area surrounding the Chilterns 
tunnel. To the southeast of the alignment, in Moorend Common, two normal faults have 
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Figure 1. Alignment of the Chilterns tunnel that forms part of phase one of high speed two. Basemap 
from OpenStreetMap (2021). 


Figure 2. Geology of the Chiltern Hills, modified from Murton, et al., 2015. 


formed a graben (Chiltern Archaeology, 2013). Ground investigation in the area suggests that 
there are much higher faulting rates than initially reported (Align, 2020). It is essential to 
determine the frequency and location of faulting along the alignment as the occurrence of 
faulting can lead to weak zones, changes in geotechnical properties, and increased permeabil- 
ity (Blaine et al., 2014), all of which must be considered when planning the type of TBM and 
slurry used. Faulting coincides with water courses, so local groups are concerned that the con- 
struction of HS2 will interfere with the local water supply. 


3.3 Dataset & Software 


The dataset used for this analysis is the 2019 LiDAR point cloud released by the Environment 
Agency and the 2019 Composite DTM. Bedi Consulting has also carried out faulting along the 
Chilterns tunnel alignment. This consisted of a preliminary investigation of LiDAR data to 
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identify potential faults, and subsequent boreholes to ground-truth these findings. The locations 
of the manually identified faults have been made acquired from Bedi Consulting, and will be used 
to evaluate the workflow. This project was mainly carried out using Python Version 3.8, and spe- 
cifically the OpenCV modules (OpenCV, 2021). The integrated development environment (IDE) 
that was used was PyCharm Version 2019.3.5. CloudCompare Version 2.12, an opensource soft- 
ware designed for dealing with point clouds, was used to visualise the LiDAR data across the 
tunnel alignment and to generate a DTM from the LiDAR point cloud. QGIS Version 3.12 was 
used for visualisation purposes, and for generating the hillshade from the DTM. 


3.4 Analysis flow chart 


The proposed methodology is outlined in the flow chart detailed in Figure 3. The first row of 
the flow chart details the required steps to produce the image upon which all subsequent steps 
in the algorithm will be conducted. This includes obtaining a raw LiDAR point cloud of the 
area. From this, a Digital Terrain Model (DTM) is generated, and subsequently a hillshade 
algorithm will be applied to produce the input for the lineament detection algorithm. These 
steps are conducted using CloudCompare and QGIS. The second row details the steps involved 
in the lineament detection workflow. Firstly, a Gaussian filter is applied to smooth the image 
and reduce noise. The Canny edge detection algorithm is then used to identify rapid changes in 
image intensity, which should correspond to tectonic features. Finally, the Hough transform is 
used to detect lines in the edges. The output is a map of tectonic lineaments. Once a suitable 
output has been generated, the algorithm will first be carried out on an area with known faulting 
and evaluated against the results from manual identification. Once this has been completed, the 
process is tested on an ‘unseen’ area, where the location of faulting is not known. This allows 
for evaluating the method as a suitable way to speed up the fault identification process along 
planned routes for linear infrastructure. This allows for evaluation of the method as a suitable 
way to speed up the process of fault identification along planned routes for linear infrastructure. 


LIDAR Point dni inn 
Cloud Data Caster 


f Hough 
Noise Transform 
Reduction Line 
Detection 


Suitable 
lineament 
detection? 


Test on Compare 
known with manual 
faulted area identification 


Blind test on 
unseen area 


Figure 3. Methodology flow chart. 


4 ANALYSIS & RESULTS 


A hillshade algorithm is used to optimise the visualisation of a DTM. This works as though 
there is a hypothetical illumination source, like the sun, which creates artificial shadows that 
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highlight elevation changes like valleys and ridges. The hillshade algorithm takes in an azi- 
muth, altitude and a Z Factor as parameters. The azimuth is the direction from which the 
light source is applied. The altitude is the angle of the light source vertically above the DTM. 
The Z Factor is the vertical exaggeration of the DTM. Figure 4a—c shows the DTM of an area 
of the Chilterns Hills, both in greyscale and in colour respectively. 


Figure 4. a. A Digital Terrain Model of the Chiltern Hills illustrated in greyscale. b. The same DTM 
illustrated in colour. c. The hillshade raster produced from the DTM. d. The hillshade raster overlain 
with the colour DTM. 


More detail can be interpreted in the image when a hillshade algorithm is applied. This is 
illustrated in Figure 4c where a hillshade algorithm is applied to the same DTM, revealing 
a dry valleys system. The parameters used to generate this hillshade include an azimuth of 
300°, an altitude of 40° and a Z-Factor of 1, meaning there is no vertical exaggeration. 
Figure 4d combines both the hillshade and the coloured DTM to optimise the visualisation 
for the human eye. However, most edge detection algorithms use greyscale images, so the hill- 
shade raster is used for the rest of the workflow. 


5 RESULTS AND DISCUSSION 


The algorithm is tested on LIDAR data at various scales (herein only shown 1:60000). The test 
is carried out at a scale of 1:60000, which covers the entirety of the Chilterns tunnel alignment 
and surrounding areas (Figure 5). The investigation covered the entirety of the Chilterns tunnel 
alignment. The large grey polygons are areas where there was insufficient LiDAR data to pro- 
vide full coverage. Figure 5 shows the product of the Gaussian smoothing. This is most notice- 
able in the upland plateaus, where some of the finer details of the DTM are less noticeable in 
comparison to the valley features. The Canny edge algorithm has done quite an effective job of 
picking up key tectonic lineaments, however it has also identified anthropogenic features such 
as the pervasive curvilinear feature in the bottom left. This corresponds to the M25 London 
Orbital Motorway. Since the Hough line transform does not discriminate between natural and 
anthropogenic features, this is also picked up and represented in the final output. 

A major flaw in the lineament detection algorithm is that it cannot distinguish between 
anthropogenic features and naturally occurring tectonic features. To remove the anthropo- 
genic features, it is necessary to subtract these features from the detected line segments. There 
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Figure 5. Original hillshade at a scale of 1:60000 used as input image. b. Results of gaussian blurring. 
c. Results of the Canny edge detection algorithm. d. Results of the Hough line transform overlain on the 
coloured hillshade with the Chilterns tunnel alignment shown in blue. 


are multiple ways of approaching this. Most road networks within the UK are digitised and 
available as Shapefiles from the Department for Transport (Department for Transport, 2021). 
Alternatively, it is possible to manually digitise the road networks visible in the LiDAR data. 


6 CONCLUDING REMARKS 


An investigation into the automating the identification of faulting and tectonic lineaments 
was conducted in the Chiltern Hills to determine whether it is a useful tool while conducting 
ground investigation for linear infrastructure, such as the HS2 Chilterns tunnel. An auto- 
mated workflow has been generated using Canny edge detection algorithms and Hough Line 
transforms to identify tectonic lineaments. The algorithm is better at identifying trends and 
high density areas than the locations of individual faults, so alternate uses, such as mineral 
prospecting, may be more suitable than linear infrastructure site investigation. 
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Underwater car keeps current flowing 


M. Short 
Kelley Engineered Equipment, LLC (KEE), Seattle, Washington, USA 


S. Drobny 
Ballard Marine Construction, Washougal, Washington, USA 


ABSTRACT: In 2018 the Great Lakes Water Authority contracted a design-build repair 
project of the raw water tunnels that supply fresh water to the city of Detroit Michigan. The 
contract purpose is to fix extensive cracking and degradation of the tunnels observed in earlier 
investigations. Typically, new tunnels would be constructed to replace the old failing tunnels. 
This requires long lead time TBM’s and the associated costs of tunneling as well as service 
interruptions when the new tunnels are connected. Ballard and Kelley have worked together 
to create a new method wherein a team of divers partnered with a Kelley designed pipe trans- 
porter to install stainless steel liner plates in the existing tunnel in-situ with its use, thereby 
extending the life of the water utility without interruptions to service. 


1 BACKGROUND 


Much of the United States water infrastructure was installed generations ago. Over time these 
systems have experienced degradation which is especially prevalent in large raw water tunnels 
that feed treatment plants. Once the water pipes are installed underground, there is limited abil- 
ity to closely monitor the integrity of the system. For example, there is little opportunity to con- 
duct regular visual inspections of existing aqueducts. Sub surface ground movement and the 
water pressure itself can cause the pipes to shift, or connections to deteriorate and develop 
leaks. When leaks occur ground contaminants may enter the water supply and/or result in the 
loss of water. In addition to identifying leaks, it is important to perform preventative mainten- 
ance as well as bring aging infrastructure up to current standards. This is especially important in 
areas of highly utilized or risk prone watersheds. 

It is extremely difficult, cumbersome, and expensive to repair underground pipes. In many 
instances the application of traditional repair practices may be impossible due to the structural 
inadequacy of the degraded pipe and necessitating the construction of a new tunnel. Taking 
significant portions of the water supply system offline to integrate repairs adds significant cost 
and disruptions in service. 


2 OVERVIEW 


To mitigate the time and cost of current rehabilitation practices, a novel method was devel- 
oped. The intent is to repair and improve the degrading infrastructure without interrupting 
utility functions or services. A team of divers paired with Kelley Engineered Equipment 
(KEE) designed pipe transporter to position and install stainless steel liner plates during off 
peak utility hours. The liner is then backfilled in place with grout to robustly consolidate the 
new lining and existing tunnel structure. 
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The Ballard Underwater Ring Transporter (BURT) is an underwater pipe carrier device. 
This transporter is the crown jewel in the project as it sums the commitment to meeting 
project challenges through innovative solutions. The forklift style carrier is designed to assist 
divers in the placement of segmented steel liners in water tunnels. This means the pipes will 
be carried on one side of the machine to maximize workspace and minimize complexity. 
This also allows for the carrier to be easily broken down into five small sub-assemblies that 
fit through the 7ft diameter access shaft and be assembled underwater without making 
hydraulic or electrical connections. Minimizing the section size and therefore the required 
shaft size was critical to reducing the cost of the re-lining system. 

The transporter integrates an electric over hydraulic power system controlled by divers. 
This presented many technical challenges; the two most significant being electrical safety and 
protecting sensitive components from water ingress. Stray current concerns were adressed 
using a Line Insulation Monitor (LIM) through a cable reel to safely supply power. The LIM 
monitors current leakage and almost instantaneously trips a breaker when system losses 
exceed a safe level. The second major hurdle of preventing water ingress and component 
damage was addressed with pressure compensators integrated in the hydraulic circuit and elec- 
tronics to provide a pressure greater than the surrounding water. If a small leak occurs, water 
cannot enter the pressurized system. 

Liner segments are brought down the access shaft and assembled on the carrier. After 
assembling and loading two rings, the carrier transports the liners over 850 feet (260 m) 
through the tunnel for installation. After the pipe sections have been installed, they are 
grouted in place and become an integral part of the tunnel. 
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Figure 1. BURT at OSU. 
3 DESIGNING FOR USE UNDERWATER 


3.1 System constraints 


Partnerships and past projects brought the design teams together for the development of the 
concept. The first idea was a rolling set of plates to be winched up and down the tunnel carry- 
ing the ring sections. Second iteration was a powered cart that carried rings in the middle and 
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had some adjustability. The third concept leading to the development of BURT was 
a hydraulicly driven cantilever forklift. Designing equipment for use underwater presented 
unique new challenges. Electrical safety, corrosion, controls, and operator visibility and 
mobility were all of prime concern to the contractor. BURT is designed to be submerged in 
a freshwater environment. All systems on BURT needed to function in the below conditions 
with minimal maintenance. Innovation and research of available technologies was critical to 
success. Many design options were considered and discussed to optimize innovation with cost 
and availability of components during a global pandemic. Ultimately, BURT went through 
several iterations of brainstorming and several iterations of testing and modification. 


e The Carrier will be submerged for 6 months at a time with minimal to no component servicing. 
e Water pressure: 3 Bar. 

e Max allowable water flow rate: up to 4 ft/s (1.23 m/s) (2 ft/s (0.6 m/s) during operation) 

e Water temperature: 33 to 39 °F (0.6 — 3.9 C) 

¢ Freshwater Environment 


TRUCK f~ CONNECTING CABLES po TRUCK 


Figure 2. Design development stages. 


3.2 Corrosion 


Operation in a fully submersed environment means parts are more prone to oxidation and corro- 
sion. To mitigate this, multiple methods were investigated, primarily stainless steel, aluminum, 
and galvanized steel. For the main body, galvanized steel was selected. Although less corrosion 
resistant than stainless steel or anodized aluminum, it offers adequate protection in freshwater 
and is more cost effective. Hydraulic cylinders are built from epoxy coated bodies with chrome 
plated stainless rods. Ratchets are off the shelf corrosion resistant with grease fittings and filled 
with marine grease to prolong life. 


3.3 Electric systems 


A fully DC electric ROV was considered but not chosen. Similar DC underwater ROV propel- 
lers have small axial loads which makes sealing them much easier vs a packed bearing that 
would support the loads of the transporter. Also, to free wheel the transporter in case of 
power loss, off the shelf, direct drive hydraulic can provide simpler solutions whereas an elec- 
tric drive would be difficult and custom. They also provide a single bolt on item solution. 
Whereas an electric motor would need a gearbox, bearings, brake, and PWM controls, 
hydraulic wheel motors combine these features in one easily procured unit. Hydraulics are 
easier to control with less risk for damage and/or downtime for repair Vs. electric drives. 

The second reason is movement of the tunnel liners. Fluid power systems can provide great 
forces at high power levels simultaneously to several actuating locations in a flexible manner. 
Another advantage of a hydraulic actuation system is that any heat generated at the load is 
automatically transferred to another location away from the point of heat generation, by the 
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hydraulic fluid itself, and effectively removed by means of a heat exchanger. The placer is meant 
to help the divers place two 4,000 Ib (1,814 kg) tunnel liners. To do this it was desired that the 
vertical lift and horizontal shift features be powered. Although DC linear actuators are 
common, for this weight class and in a submerged environment, food grade stainless steel cylin- 
ders are much more available and less boutique. 

DC electric to hydraulic was also considered. Although this type of system is very common 
in scissor lifts and other overland tools, batteries would be difficult to implement in this envir- 
onment. First, AGM and lithium batteries must be de- rated for the cold. This, coupled with 
the large power requirements and discharge rate demands a large battery pack. Managing and 
charging a large amount of stored electricity as well as the increased risk of stranding BURT 
was thought to outweigh the benefits of autonomy and DC electricity. 

It is concluded that electric actuation systems, in general, offer higher efficiency and flexibil- 
ity. However, in this application where translational motion and simple underwater diver con- 
trol are important, hydraulic powertrains are favorable. 


Figure 3. BURT and support equipment packaged for shipping. 


3.4 AC electric over hydraulic 


An electric over hydraulic system with an umbilical line was chosen. Other options including 
battery operated hydraulic and fully DC electric were discussed. It was concluded that AC 
electric over hydraulic would be the most reliable and implementable solution. 

This system was strongly preferred after discussions with subsea experts. Experience indicated 
that AC tethered subsea equipment is standardized across the oil and gas industry for work 
class ROV’s. Multiple companies have standard product lines for underwater HPU’s and oil 
compensators. The large group of manufacturers and experience in oil and gas means tried and 
true subcomponents that will work first time even when implemented in a new system. 


3.5 Power supply unit 


The best solution to avoid galvanic corrosion for the AC system and at the same time prevent 
any unsafe situation is to install an Isolation Transformer to connect to the shore-side supply. 
The Isolation Transformer eliminates electrical continuity between shore power and the pipe car- 
rier. The shore power is fed to the primary side of the transformer and BURT is connected to 
the secondary side. The isolation transformer eliminates any electrical continuity between AC 
line power and the pipe carrier. Within the isolated circuit a Line insulation Monitor (LIM) con- 
tinuously monitors the integrity of the insulation between the live conductors and an earth return 
circuit by injecting a DC voltage signal into the line. When stray voltage exceeds a safe level the 
LIM trips a breaker and disconnects the car from the electrical source. In compliance with 
IMCA D 045, a KPM161E2 module is installed in the PSU cabinet. Because of the long travel 
distance, the isolation transformer also acts as a step-up transformer to minimize line losses. 

As part of the electric supply system, BURT is outfitted with a purpose designed 1,000 ft 
(305 m) electric umbilical mounted on the unit via a cable reel with capacity and guidance to 
handle the total travel length. Mounting the reel on the car was chosen to minimize line drag 
and potential entanglement with diver’s umbilical. The cable reel uses hydraulics to 
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automatically tension the line and spool the cable on return travel. The reel uses a weighted 
cable to rest on the invert of the tunnel. The cable will be a typical 5 wire 3 phase line connected 
to a submersible slip ring. 


3.6 Assembly 


BURT breaks down into (6) major subassemblies that can be lowered down a 7 ft (2.13 m) diam- 
eter shaft. Each Section is lowered down in a specific order with the first section being the main 
car body and the last is the counterweight. During the assembly process all hydraulics are rolled 
up and tied off to the main car body so that no components need to be connected underwater. 


4 TESTING 


4.1 Testing overview 


BURT was tested in a fully submerged environment. As a result of the testing, several modifi- 
cations were made prior to implementing BURT in the field. The O.H. Hinsdale Wave 
Research Laboratory tsunami testing basin was used for the testing. The wave channel was an 
ideal location for testing BURT in a controlled environment with the correct width and depth 
needed. The indoor facility supported a small crane and had the 3-phase power required for 
BURT operations. The channel was filled and emptied in 12 hours with high quality water for 
clear visibility during the testing. A stair tower was installed for easy access to the bottom of 
the 15’ (4.6 m) deep channel. The testing was split into two phases. Initial dry testing was per- 
formed to be able to troubleshoot any bugs and tune performance easily. This was followed 
by submerged wet testing where the carrier. 


Figure 4. Hinsdale wave research laboratory testing program aerial view. 


4.2 Dry testing 


Dry testing began with installing a 10’ (3 m) diameter bulkhead ring as a host tunnel for test- 
ing. Once the host ring was in the tunnel BURT was lowered down and assembled using the 
auxiliary HPU to power BURT’s systems. The host ring was attached to BURT for the first 
time and moved down to the far end of the channel. The hose ring was set on custom dunnage 
to mimic a 4” (100 mm) anulus of a tunnel. Two more sections of dunnage were installed for 
practice rings and ballasted for water testing. Once set up the dry testing could start, and 
BURT could start going through the extensive testing plan. BURTS HPU was designed to be 
cooled by the surrounding water so that it does not overheat. During dry testing the HPU was 
cooled by using a long garden hose and absorbent towel. This allowed BURT to function on 
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its own hydraulic system and make final fine-tuned adjustments. Divers spent the next 3 days 
running through the entire process of assembling rings and mating them up to the host ring as 
well as checking off the dry testing plan for all components and functions. 


4.3 Wet testing 


Before BURT went into the water for the first time all hydraulic fittings were checked, the 
umbilical oil compensator was filled, and all camera and light connections were check and 
tightened. An emergency k-bottle was attached for testing of the extraction process and the 
ability of the diver to walk with it. BURT was then rigged up without arms or counterweight 
to even out the load and allow BURT to hang level. BURT was then slowly lowered into the 
water and observed for any possible leaks or issues. Once all the air pockets were released 
BURT continued its first dive until it was completely submerged. 

Once BURT was fully submerged at the surface, the team went through one more power 
check list before turning on the HPU, cameras and lights for initial systems testing. A surface 
stray current detector was used as a back up to check for any current in the water. All systems 
were checked then the power was turn off. BURT was then lowered to the channel invert and 
power was again turn on. All systems were checked again, then the first diver entered the 
water with BURT. The diver checked out all components for leaks and function. Once com- 
pleted BURT was assembled by the divers. After assembly BURT’s functions and hydraulics 
were checked including arms, forward & reverse and umbilical movement. After all system 
checks were completed, BURT was ready for the first underwater testing. 

Divers made several trips down the 300’ (91 m) channel with BURT with no rings attached 
to check forward and reverse motion as well as steering before the weight of the rings was 
added. It was quickly determined that the best place for the second diver was to ride next to 
the umbilical reel to verify it was wrapping correctly. Standing at the operator stand the dive 
operator used the underwater monitors to watch the center lines both forward and back to 
navigate BURT down the center of the channel. The monitors proved to be very valuable 
compared to using the second diver as a navigational guide. However, with the second diver 
riding in the rings up front, navigation was achievable as a backup method. 


Figure 5. Diver riding BURT down channel towards ring assembly. 


4.4 Wet testing results 


Diver teams trained and tested BURT underwater for 6 full days to vet all machine functions. 
Divers simulated all the activities that would take place underwater. Throughout the entire testing 
and training project several punch list items were created by KEE and Ballard team. They were 
combined into one master list at the end of the project. All the items listed would address one 
more of the following things safety improvements, production increases, and BURT’s Reliability. 
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Key components were conceptualized, designed, and integrated into the overall system. 
Each item was assigned a responsible company and person. The cost of each item and the 
responsible company was then added as well as a YES or NO. The selected punch list items 
were then added onto BURT. As a result: 


e The arms were modified to provide more clearance to the rings. 

* New segment adapters were designed to add more clearance for fit up 

e Additional pad eyes were added to provide more rigging options 

e Additional covers were added to protect plumbing and wiring 

e Plumbing changes were made to decrease hysteresis issues in the hydraulic circuit 
e An additional valve was added to allow for four-wheel and two-wheel drive 


Figure 6. Low visibility operation of BURT. 


5 PROJECT DEPLOYMENT 


BURT arrived on the jobsite where it was again tested in a dry environment to make any small 
adjustments and add equipment divers would need to install the tunnel liners. The body of the 
transporter was lowered first with the operator station, umbilical and arm hydraulic cylinders 
neatly stowed away and secured for the 90 feet lift down the shaft. With the assistance of two 
working divers, BURT was lowered into the tunnel with a water flow of around 2 ft/s 0.60 m/s. 
Once the body landed, the tail section and operator stand were installed by the dive teams in low 
visibility water. The initial dive team performed all the leak and safety checks to ensure BURT 
was ready for power up. Dive crews moved BURT up station under its own power so the arm 
assemblies could be lowered and installed. Once fully assembled, the cameras and lights were 
turned on providing the divers with 8 LED lights so dive crews could positioned without obstruct- 
ing the view of the front and rear cameras and give them the best view of the tunnel centerline 
from the operator station’s monitors. After all systems were verified and dive control was a go, 
the first two divers took their positions on BURT to make the initial run down the tunnel. With 
approximately 2 ft (0.6 m) of visibility, the dive crew maneuvered BURT 500 ft (152 m) down the 
tunnel towards the tunnel repair section. 

BURT’s first project was to power the hydraulic drill needed to install a permanent cable 
centerline for navigation and liner plate station location. The auxiliary tool manifold was used 
to successfully power the underwater drill and install the concrete anchor in the tunnel invert. 
Crews then used the now patented assembly method to bring the first ring sections down the 
shaft for assembly. Once the first ring was bolted up, BURT moved forward to be connected 
to the first bulkhead ring. The process was repeated, and the second ring was attached to 
BURT and the two rings were connected. Once the two rings were fully attached, crews man- 
euvered BURT 500 feet down the tunnel very low visibility water where the first two rings 
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would be installed. Using the underwater monitors to watch the centerline of the tunnel, dive 
crews were able to stay in the center to prevent the liners from damaging the existing tunnel 
during transport. Once on location the arm assembly hydraulics were used to lower and pos- 
ition the rings relative to the centerline of the tunnel leaving a concentric annular gap. This 
completed the first 9 feet (2.7 m) of tunnel repair section. As of today, the project has installed 
over 80 feet (24 m) of tunnel liners to date in a very short time thanks to BURT. 


Figure 7. BURT lowering down shaft for first assembly and start of operations. 


6 CONCLUSION 


Fresh water is critical to humanity. Therefore, the integrity and robustness of drinking water 
systems is of the utmost importance to a civil society. Ballard and KEE have worked together 
to create a new method to rehabilitate existing water tunnels for use well past their initial 
design life. 

A team of divers partnered with a uniquely designed pipe transport system installs stainless 
steel liner plates in an existing tunnel while in use, thereby extending the life of the utility with- 
out interruptions to service. This method of repairing current structures during use provides 
a cost-effective option for communities in need. The development of the underwater trans- 
porter affectionately known as BURT is the crowning achievement for the project as it sums 
the commitment to meeting project challenges through innovative solutions. The transporter 
came about through combining subsea technology from the oil and gas industry with pipe 
installation methods from the tunneling world. These combined to create the solution needed 
to repair large diameter pipes without dewatering. Key elements to the design came about 
through a cooperative relationship where designs were brainstormed, tested, and refined. As 
BURT continues to successfully operate in Michigan, lessons continue to be learned. Ongoing 
development and augmentation to BURT’s electromechanical components are expanding its 
range of applications on future projects. 
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ABSTRACT: The following paper shows some hydro-mechanical tests performed on a sand 
grouted with varying colloidal silica mixtures. By diluting the original product, i.e. part 
A which is the Geogrout seal with 40% solid content, and additionally changing the amount 
of accelerator, part B, the soil mechanical improvement was investigated. Unconfined com- 
pressive strength tests, permeability and direct shear tests were performed on the non-treated 
and treated sand. Some statistical considerations have been also performed. Results clearly 
point out the increase in strength and decrease in permeability, therefore indicating the col- 
loidal silica as a valuable solution for ground improvement by grouting. 


1 INTRODUCTION 


The behavior of soils under loads can be improved by treating soils with chemical grouts. Chem- 
ical grouts are being used more frequently as a result of the growing need for the use and reclam- 
ation of unstable cohesionless ground. Fraccica et al. (2022) showed how chemical grouts better 
penetrate soils with low permeability values than micro-fine cements. Grouting is very beneficial 
when the soil is difficult to access, as in the case of soils, for treatment beneath the current founda- 
tions or for the impermeabilization of the excavation front of a tunnel (pre-grout). 

Strengthening requirements and water shut-off requirements may be related. The movement 
of water through an excavation face or slope made of fine-grained granular material reduces 
its stability. The choice of grout in these situations is likewise made based on penetrability 
(Karol 2003). Fraccica et al. (2022) observed that the reduction of water permeability of the 
virgin soil, is directly proportional to the ability of a binder to penetrate it. The lower the 
water permeability, the lower is the penetrability of the binder. In general, binders which do 
not contain suspended soil particles are called chemical grouts (Karol 2003). However, in the 
case of colloidal silica, the particles are very small. i.e. 2 to 200nm (e.g. Gallagher and Mitchell 
2002; Spagnoli and Tintelnot 2022a), are generally homogeneous in size therefore even though 
they are suspended, the binder seems like a solution rather than a suspension. 

The solutions of saturated silicic acid are used to create the particles (Iler 1979). Until it 
interacts with the sodium chloride accelerator to form a gel or semisolid gel, colloidal silica 
behaves like a liquid. The ratio of colloidal silica to sodium chloride solution determines the 
gel time. The gel is created by separate sol particles colliding. Particles approach one another 
as the ionic concentration rises. The grout’s silica content directly relates to the gel density, 
which in turn determines how much strength the soil receives (Salvatore et al. 2020). The 
beginning range of the viscosity of diluted colloidal silica grout is 2 to 5 centipoises (cP) (Gal- 
lagher and Mitchell 2002; Spagnoli et al. 2022). The colloidal silica to sodium chloride 
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accelerator dose ratio controls the initial viscosity. Since the gel structure does not contain 
sodium ions, it can be stable for a long time and is regarded as a permanent material (Yone- 
kura 1994, 1996; Whang 1995). Colloidal silica has been already applied extensively in tunnel 
real cases (see Spagnoli et al. 2022; Spagnoli and Tintelnot 2022b). However, it is still not fully 
known in the geotechnical field. The current paper describes some hydro-mechanical tests per- 
formed on the Geogrout seal (commercial name of the colloidal silica by TPH Bausysteme 
GmbH). The tests were carried out on the standard mixture (40% solid content) and three 
other mixtures in which the solids content in the part A and in the acceleration part (part B, 
i.e. 10% NaCl) has been changed. The binders were injected under low pressure in a standard 
sand EN 196-1 (i.e. a standardized sand Quarzsand F36). Spagnoli and Tintelnot (2022a) pre- 
sented data for two dilution grades (40 and 30%) with B part (i.e. 10% NaCl solution) kept at 
20% volume ratio constant for both versions. The present paper shows a further dilution 
(20%), whereby the B part increased to 30 and 35% instead of 20% volume ratio. Dilution was 
investigated in order to understand how the decrease in solid content of the product has an 
impact on the hydro-mechanical performance of the grouted soil. 


2 MATERIAL AND METHODS 


As described in Spagnoli and Tintelnot (2022a), a fine-grained sand with the designation 
“Quarzsand Frechen F36” with an average grain size of 0.16 mm from the quartz plant in Fre- 
chen (Germany) was used for the production of the sand-colloidal silica test specimen. Table 1 
shows the mixing ratio of the mixtures used in the laboratory trials. Mixture M1 is the standard 
mixture with a solids content of 40% in the part A. With mixture M2, the solids content was 
reduced to 30% by adding water to the part A. The solids content of part A in mixture M5 and 
mixture M8 was reduced to 20% and the proportion of accelerator increased (see Table 1). 

Geotechnical tests have been performed on both pure sand and treated sand such as relative 
density (DIN 18126), specific gravity (DIN EN ISO 17892-3), water permeability (DIN 18130- 
ZY-MS-MZ), unconfined compressive strength (UCS) (DIN EN ISO 17892-7) and shear 
strength (DIN EN ISO 17982-10). Gelling time (the time whereby the fluid stops to behave as 
a fluid) was also measured on the four mixtures. Table 2 shows the geotechnical properties of 
the pure sand, which according to the coefficient of uniformity Cu is a uniform sand. 


Table 1. Mixing ratios for the investigated tests. 


Name Part Quantity (in mass) 

M1 A 100 (Geogrout seal) 
B 20 

M2 A 75 (Geogrout seal) + 25 (water) 
B 20 

M5 A 50 (Geogrout seal) + 50 (water) 
B 30 

M8 A 50 (Geogrout seal) + 50 (water) 
B 35 


Several 500mm-long tubes with sliding sockets that had a nominal diameter of 110mm were 
used for the injection testing (see Figure 1). According to earlier statements made by other 
authors (e.g. Gallagher et al. 2007a), the colloidal silica’s initial viscosity is just a little less 
than 5cP. Tests were conducted in sand with a 0.65 void ratio e. Sand was put into the tube 
and crushed with a vibrating plate after the capacity of the tube was calculated. A socket was 
used to close the lower portion of the tube. Injection pressures during the tests were kept con- 
stant between 100 and 150kPa. UCS tests were performed at 7, 28 and 56 days. As described 
in Spagnoli and Tintelnot (2022a), the shear rate was set at 2mm/min and the test is completed 
when either the strength reduces about 20% of the peak value or the deformation is more than 
15% relative to the initial height. Shear tests and permeability tests were performed at 7 days 
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Table 2. Geotechnical properties of the sand “Quarzsand Fre- 
chen F36” (modified after Spagnoli and Tintelnot 2022a). 


Geotechnical property Value Unit 
Deo 0.18 mm 
Dso 0.16 mm 
D30 0.15 mm 
Dio 0.12 mm 
Coefficient of uniformity C, 1.50 - 
Coefficient of curvature C, 1.04 - 
Maximum density 1.586 Mg/m? 
Minimum density 1.315 Me/m? 
Specific gravity 2.662 - 
Water permeability 5.80-10° m/s 
Friction angle 40.8 j 
Cohesion =() kPa 


age. For the shear tests three vertical loads were used, i.e. 50, 100 and 150kPa and sheared 
with a rate of 0.025 mm/min. For the permeability tests, the sample with the height of 100mm 
was put in a triaxial cell. De-aired water was used as a medium. The hydraulic gradient i was 
set between 20 and 30, except for the pure sand, which was 2. Before the trials, injected sam- 
ples were stored in a climate chamber at 23°C and with 50% relative humidity. Details on the 
sample preparations are given in Spagnoli and Tintelnot (2022a). 


Figure 1. Columns sealed after the injection. 


3 RESULTS AND DISCUSSION 


3.1 Gelling time 


The gelling time is determined at a temperature of 23 (+2)°C and it is defined as the time at 
which the colloidal silica, after being mixed with the part B, no longer behaves like a liquid 
when the vessel is inclined at 5°. Results are shown in Table 3 and it is worth noticing that by 
diluting the part A, gelling increases and for the same ratio dilution rate (M5 and M8), for 
a slightly higher accelerator part, gelling increases (M8). The increase of the reaction time is 
connected to the decrease of the pH of the mixtures. Iler (1979) found out that the reaction 
rate is influenced by the suspension’s acidity. 
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Table 3. Reaction time of 
colloidal silica at different 
mixing rations. 


Name Results 
M1 33min 
M2 2h, 30min 
M5 1h, 54min 


M8 lh, 5min 


3.2 UCS tests 


Figure 2 shows the UCS results for different curing ages for the four different mixtures, per- 
formed in triplicates. All the samples were tested with a height-to-diameter ratio 2:1, more 
specifically with height about 200mm and a diameter around 103mm. The measured dry dens- 
ity pq was between 1.57 and 1.78 Mg/m°. 

It is possible to observe that with increasing dilution rate (M1 vs M2, M3 and M4), the 
UCS tends to decrease. Besides, curing age has for M1 and M5 a positive impact, i.e. in aver- 
age the strength increases from 28 to 56 days, respectively by 41.5% and 11.8%. As for M2 
and M8, in average, the strength decreases by 11.5% for M2 from 28 to 56 days age, and there 
is no change from 28 to 56 days curing age for M8. As for M5 and M8 in terms of strength, 
no notable difference can be detected, despite the higher amount of accelerator in the mixture 
M8. From the UCS peak values a Mohr’s circle was drawn to obtain the undrained shear 
strength cohesion c, (Bowles 1997). Table 4 shows the average c, values on the triplicates. 
Studies (e.g. Persoff et al. 1999; Mollamahmutoglu and Yilmaz, 2010; Salvatore et al. 2020) 
have consistently shown that UCS values rise with increasing silica concentrations and sample 
ages. 

Figure 3 shows the box plot of the UCS tests grouped by mixture type. The box plot is way 
to represent the distribution of a data set. The box represents the interquartile range (IQR), 
whereby bottom and top of the box is the 25'" and 75"" percentile and the band inside the box 
marks the 50" percentile (median). No outliners are identified. 

Considering the mixture M1 only, a further analysis on hypothesis testing is carried out, 
taking into account the a risk (i.e. probability of falsely concluding that a factor is important 
meaning that H; is concluded but actually Hp is correct) and the £ risk (i.e. probability in fail- 
ing to detect that a factor is important; i.e., Hı is true, but Ho is concluded). Spagnoli and 
Shimobe (2021) describe in detail the statistical theory considering Atterberg limits of clays. 
According to Reagan and Kiemele (2008), power is utilized to identify a certain size effect and 
is defined as follows: 


Power=1-—8 (1) 


Power is helpful in determining the smallest sample size needed to identify a certain differ- 
ence in values. The a risk value is set as 0.05 (Reagan and Kiemele 2008; Spagnoli and Shi- 
mobe 2021). It is possible to determine the minimum sample size to detect a fluctuation in 
values as low as 100kPa (arbitrary assumed in this case) for M1 at 7 days vs M1 at 28 days, 
M1 at 28 days vs M1 at 56 days and M1 at 7 days vs M1 at 56 days. A power of 0.8 and the a 
value as described above are arbitrary assumed. Table 5 shows the power test results providing 
the minimum amount of tests required to theoretically detect the variation. Note that the 
standard deviation assumed for the three groups, is the pooled standard deviation, which is 
simply a weighted average of the variances from two or more groups of data when they are 
considered to come from populations with a shared variance. It is possible to observe that 
between M1 at 7 days and M1 at 28 days, the largest amount of samples are required to detect 
a variation in means as small as 100kPa. A possible explanation could be that at 7 days 
strength data are still not “mature” enough. 
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Figure 2. UCS values for different curing ages and different mixtures. 


Table 4. Undrained shear strength values for the different curing ages and mixture. 


Mixture Curing age (days) Mean undrained shear strength (kPa) 
M1 7 250.4 
Ml 28 266.5 
M1 56 376.8 
M2 7 152.2 
M2 28 187.8 
M2 56 172.4 
M5 7 79.4 
M5 28 86.5 
M5 56 96.0 
M8 7 72.3 
M8 28 92.3 
M8 56 88.3 
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Figure 3. Boxplot for the UCS tests. No values after “MX” refers to 7 days curing age; values after 
“MX” such as 2 and 3 refers to 28 and 56 days curing age. 


3.3 Permeability tests 


Tests were performed between 15 and 20 days for M1 and M2 mixtures and 8 days for 
M5 and M8. Figure 4 shows the results for M5 and M8 mixtures depending upon the 
time. Table 6 shows the permeability values results k. It is possible to observe, as 
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Table 5. Power tests for UCS values for M1 for detecting a variation in 
means as small as 100kPa between M1 at 7 days vs M1 at 28 days, M1 at 
28 days vs M1 at 56 days, and M1 at 7 days vs M1 at 56 days. 


Power test Minimum sample size 
7d vs 28d 37 
28d vs 56d 61 
7d vs 56d 55 


already pointed out by Spagnoli and Tintelnot (2022a), that the treated sand reduces by 
five order of magnitude the permeability, if compared with M1. Further decreasing the 
solid content (M2, M5 and M8), the permeability slightly increases with respect to M1, 
but remaining three to four order of magnitude lower with respect to the pure sand. 
These results agree with others from the literature, e.g. Noll et al. 1993; Fraccica et al. 
2021, where by the decrease is directly proportional to the silica concentration in the 
grout; higher amounts lead to an expected permeability decreases, down to values typical 
of clay (e.g. Ciardi et al. 2021). 
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Figure 4. Permeability values for M5 and M8 mixtures depending upon the time. 


3.4 Shear strength 


Although direct shear strength are not typical tests in tunneling applications, they pro- 
vide additional mechanical test results. Figure 5 shows the results for the mixtures M1, 
M2 and M8. Because M5 did not show an increase over time with respect to M8, it was 
decided not to test under shear strength conditions. From Figure 5, it seems that friction 
angle values for M1 and M2 are comparable, whereas for M5 they are slightly less. As 
for the cohesion values, M2 values are lower than M1 values. Interestingly for the repli- 
cate no. 3 of M5, a cohesion value is higher than M1. The data agrees with literature 
values, where grouted soils mainly improve cohesion values, rather than friction angle 
values (e.g. Spagnoli 2021). 

However, improvement’s exact method is still unknown. If grain bonding is the only factor 
that influences soil improvement, this is still not well-understood (Ciardi et al. 2021). As 
stated by Gallagher et al. (2007b), “the improvement mechanism of colloidal silica is bonding 
between the gel and the individual sand particles”. 
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Table 6. Permeability value results on the four mixtures. 


Mixture Replicate Hydr. gradient 7 k-value (m/s) 


MI 1 30 4.30-1071° 
M1 2 20 9.20-107!° 
MI 3 20 2.10-10°° 
M1 4 20 2.70:10° 
M2 1 20 3.40:10° 
M2 2 20 4.10-10° 
M2 3 20 3.40-10° 
M2 4 20 2.30:10° 
M5 1 20 5.50-10° 
M5 2 30 2.80:10° 
M5 3 30 not measured 
M8 1 30 1.80-10° 
M8 2 30 3.70-10° 
M8 3 30 9.30-10° 
70 60 
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~ 40 
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Figure 5. Direct shear strength values at 7 days age for M1, M2 and M5 mixtures. 


4 CONCLUSIONS 


In geotechnical and tunneling engineering, colloidal silica is a nanomaterial utilized in soil/rock 
grouting procedures. It can create a silica gel when injected into a subsoil, stabilizing the soil, and 
thus representing an attractive, sustainable substitute for conventional chemical grouting methods. 
The paper presented a series of geotechnical tests performed on a grouted standard sand EN 196- 
1, injected with several mixtures of colloidal silica. By varying the solid content and/or the amount 
of part B mixed with part A, the geotechnical properties of the improved sand were investigated. 
After having performed some basic statistical considerations, it is possible to state that: 


1) The higher the solid content amount in the part A, the higher the mechanical strength and 
the decrease in permeability; 

2) Strength increases with increasing curing age; 

3) The decrease in permeability for all investigated mixtures is between three and five order of 
magnitude if compared with the non-treated soil, down to values typical of silty/clay soils; 

4) For the mixtures M5 and M8, i.e. 20% solid content and slightly higher part B in mass, 
results in terms of hydro-mechanical improvements are similar among each other, although 
from 28 to 56 days curing age, for M8 no increase in strength was observable; 


It is possible to state that colloidal silica represents a valid binder for soil improvement 
techniques. 
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ABSTRACT: This paper introduces the InSAR method as an advanced tool to measure and 
monitor ground displacements during all phases of a tunnelling project. The monitoring was 
focused on the southern sector of the tunnel which was the most densely urbanized area and 
with a low overburden. The extensive monitoring system included both standard activities 
(measurements of vibration phenomena, topographical measurements from the surface, moni- 
toring of groundwater levels, assessments of the condition of the buildings before, during and 
after the works) and the innovative satellite monitoring system InSAR. The area subject to 
satellite monitoring has a length of approx. 5.5 km and a width of 1 km, 500 m on both sides 
of the tunnel axis. SqueeSAR® information is summarized for specific areas following the 
progression of tunnelling. Finally, the results from the design predictive analyses, the in-situ 
deformations recorded during the excavation and the satellite monitoring data are discussed. 


1 INTRODUCTION 


The Ceneri Base Tunnel (CBT) is the southernmost section of the New Railway Link through the 
Alps (NLRA) crossing the Swiss Alps from north to south (Merlini et al, 2015, Merlini et al., 2018). 
The works have been commissioned by AlpTransit Gotthard Ltd on behalf of the Swiss Confeder- 
ation. The main features of the CBT (Figure 1) are: a twin-tube single-track railway tunnel 15.4 km 
long; 47 cross-passages up to 325 m long; 4 branch-off Caverns and 2 logistic caverns. The total 
length of underground works is 40 km with an excavation volume of 4 million m° and an excavation 
surface area of every single tube ranging from 48 to 87 m°. The cost of the work is approximately 
2.1 billion Euro. The excavation of the main tunnels started in 2010 from the intermediate heading 
of Sigirino. The north (approx. 8.3 km long) and south (approx. 6.3 km long) tunnels were exca- 
vated concurrently using Drill and Blast - D&B (Lot 852, about 90% of the total excavation). The 
remaining 10% portion of the tunnel was completed by opposed side tunnelling at the North (Lot 
853) and South Portals (Lot 854). In order to minimize the time and cost of the construction, a total 
of eight tunnel faces were excavated concurrently. The cross-section is of an optimized horseshoe 
shape and is designed to meet the multiple requirements set from the operational needs of the rail- 
way line, as well as those related to the project execution and its geomechanical environment. 
A double lining was designed along the entire tunnel length in order to provide temporary stability 
during the construction through the external ring, and the long-term stability of the tunnel for the 
entire project life (100-year design life) through the internal ring. 


DOI: 10.1201/9781003348030-306 
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The Client established an expert team comprising of monitoring specialists, consultants, 
designer and site supervisors. In particular, the monitoring was focused on the southern sector 
of the tunnel which was the most densely urbanized area and with a low overburden 
(Figure 2). 

The extensive monitoring system included both standard activities (measurements of vibra- 
tions, topographical measurements from the surface, monitoring of groundwater levels, assess- 
ments of the condition of the buildings before, during and after the works, etc.) and the 
innovative InSAR (Interferometric Synthetic Aperture Radar) satellite monitoring system. The 
area subject to satellite monitoring, with a length of approx. 5.5 km and a width of 1 km 
(500 m on both sides of the tunnel axis), extends from the municipality of Ponte Capriasca to 
the south portal of Vezia and is shown in Figure 2. This area also includes the municipalities of 
Origlio and Cureglia together with a cantonal road. 

The breakthroughs at the south portal occurred in March 2015 and at the north portal in 
January 2016 respectively. The Ceneri Base Tunnel was opened in December 2020. 


Ceneri base 
{15.4 km) 


= ` 
North Portal Vigana (Camorino) Intermediate heading Sigirino South Portal Vezia 


Figure 1. CBT tunnel cross-section, the layout of the CBT and photographs of the portals and of the 
intermediate heading of Sigirino. 
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Figure 2. Area subject to satellite monitoring in CBT south. 
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2 THE GEOLOGICAL CONDITIONS AND ROCK SUPPORTS 


The geological cross section of the study area was within the Linea Val Colla Formation and the Val 
Colla Zone (Figure 3). The Val Colla area includes a series of paragneiss and orthogneiss, combined 
with intermediary basic rocks (hornblende schists). The fault zone between these two areas, known 
as the “Val Colla Line” was proved during the construction to be approximately 600 m thick, and, 
was mainly composed of mylonites resulting from the intense pre-Alpine ductile deformation. Loose 
soils comprising of alluvial, fluvioglacial and glacial Quaternary sediments, were only encountered 
around the north and south portals. The permeability of the rocks was low and only minor water 
inflows were encountered during the construction works. The overburden varied from approxima- 
tively 200 m to about 10 m at the south portal of Vezia. A total of 10 standard rock support classes 
(Figure 4) were designed for the expected geotechnical conditions along the tunnel alignment of the 
CBT (Merlini et al, 2018). The rock support classes ranged from SPV1 to SPV10: SPV 1-4: flat 
invert slab, anchors and fibre reinforced shotcrete; SPV 5-6: curved invert slab, anchors, shotcrete 
reinforced with mesh or fibers and reinforcing ribs; SPV 7-10: pseudo-circular shape, anchors at 
front and back, shotcrete reinforced with mesh and reinforcing ribs with yielding elements (Merlini 
et al, 2018). The CBT cross-sections adopted during the excavation within the study area (ST-SPV2, 
3, 4 and 6) are shown within the dashed red lines in Figure 4. The Saré Junction caverns are located 
in CBT South (Figure 3) and are approximately 400 m long (Merlini et al., 2015). They are charac- 
terized by a variable section geometry consisting of a conical pattern with a maximum cross-sectional 
area of about 260 m”. The overburden is about 150 m. The temporary stability of the cross-section 
was established from 2 standard cross-sections, which were designed with safety indices increasing 
from ST-VS 1 to 2 (ST-VS 1 flat invert slab, anchors and steel fibre reinforced shotcrete; ST-VS 2 
curved invert slab, radial anchors, face reinforcement by bolting, shotcrete reinforced with mesh or 
fibres) which were in turn divided into three types on the basis of the excavation area (Figure 5). 


mà. M North portal Vigana Sigirino Access adit South portal Vezia 
1250 exploratory bore 

Capriasca Origlio Cureglia Vezia 
1000 i | 


Ceneri Zone Linea Val Colla Val Colla Zone 
I Ceneri paragneiss E Heterogeneous gneiss Ml Amphibolites, serpentinites, BB Phyllonites, Mylonites Ml Bernardo orthogneiss 
gneiss and amphibole schists 
E Hornfelsgneiss BB Ceneri orthogneiss BB Giumello gneiss BB Stabbiello gneiss 
g g g g 


Figure 3. Forecast Geological longitudinal profile of the Ceneri Base Tunnel with the study area within 
the dashed red line. 
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Figure 4. Standard cross-sections used for the CBT excavation according to the geotechnical risk. The 
cross-sections adopted during excavation within the study area are shown within the dashed red line. 
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Figure 5. Typical standard cross-sections used for the Saré junction excavations. 


3 CONSTRUCTION EXPERIENCE IN THE STUDY AREA AND RESULTS OF THE 
CONVERGENCE MONITORING 


In order to predict the stress-strain behaviour of the rock mass and review the potential risk 
and associated consequences on the urbanized area, numerical modelling was carried out on 
representative sections of different rock masses and disturbed zones. The numerical analysis 
was carried out using the 2D distinct element code UDEC (Itasca, 2004). The results of the 
analyses estimated the settlements to be low, generally less than or equal to 5 mm in the study 
area. The southward excavations of the CBT in the study area proceeded with minimal issues. 
The installed supports were mainly SPV3 and SPV4 (Figure 4), i.e. without steel ribs. The 
behavior of the rock mass was mainly elastic with maximum convergence less than 5 cm. 
During the excavation of the Saré caverns, some criticalities were instead encountered (Mer- 
lini et al., 2015). Shortly after the first 80 meters of excavation, a highly anisotropic, gently dip- 
ping rock mass was encountered consisting of a sequence of layers of cataclastic fault-rock 
alternating with schistose gneiss which had better rock matrix characteristics. Compared to the 
numerical analysis done in the design phase, higher deformations were measured (up to about 
120 mm) and cracks in the first lining occurred during the full-face tunnel crown excavation. 
From numerical back-analysis results, it was decided to carry out the remaining excavation of 
the tunnel crown in sectors. With the additional supports combined with the alternative excava- 
tion method the excavations of the Sarè caverns started in March 2013 and were successfully 
completed in October 2013. Figure 6 shows the as-built geological longitudinal section with the 
recorded groundwater inflows, tunnel-site monitoring data and the rock supports installed. 


i LEGEND - GEOLOGY lf LEGEND - STANDARD CROSS-SECTION ] 
meer pm atdin RVCRD | Standard cross-section L352 | Sandara cross-secson Les4| 
pen P [MES EI sevens [Jou | [Rm vera 
| 
| an ROAA ae Be: (E vso: | | I wz 
| oe aTa] Gsm E = ¥SO12A |) ma 
Sima E rennin ited est sd cn: BN seme: I ccoo | gE) ooze | | ew 
iw Mow EE | iy ea 
B= Hive | C ES 
Zi s Bs . | 
ws B= 
Be Bes 
Gl =e 


Figure 6. As-built geological longitudinal section with the groundwater inflows, monitoring data and 
the rock supports installed. 
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4 INSAR MONITORING FOR THE CBT PROJECT 


4.1 Introduction 


The Interferometric Synthetic Aperture Radar (InSAR) technique has become an operational tool 
to measure and monitor ground displacement (Barla et al, 2016; Ferretti et al., 2001; Ferretti et al., 
2011; ITAtech, 2015). Compared to traditional surveying, InSAR has the advantage of offering 
a high density of measurement points over large areas. Advanced InSAR techniques, such as PSIn- 
SAR® and SqueeSAR®, developed in the last decades, provide high-precision measurements of dis- 
placement that enables to highlight typical motion patterns, including any change in motion trends 
over time as well as seasonal uplift/subsidence cycles. Widely adopted industry guidelines, such as 
the ITAtech 2015 “Guidelines for Remote Measurements Monitoring Systems” (ITATech, 2015), 
give recommendations on the inclusion of earth observation and other remote sensing techniques in 
geotechnical programs for tunneling projects. The unique benefits of InSAR are summarized below: 


— Baseline assessment studies prior to construction. By utilizing satellite imagery archives 
dating back to 1992, it is possible to identify critical areas where pre-existing deformation 
patterns could potentially interfere with tunnel construction/operation. 

— The synoptic, birds-eye view of InSAR offers wide-area coverage beyond the tunnel align- 
ment and typically complements a selection of total stations, GPS and other instrumenta- 
tion installed at discrete locations. InSAR makes it possible the characterization (i.e., 
extent, magnitude, and behavior) of possible deformation induced by the tunnel excavation 
or reactivated slope instabilities. 

— Identification, characterization and monitoring of any residual deformation after tunnel 
completion. 


In the CBT project, the temporal evolution of ground displacement provided by SqueeSAR® 
was used to establish whether the tunnel excavation generated any ground surface movements. 


4.2 Technology overview 


InSAR is a remote sensing technique that provides ground displacement measurements over 
time. Radar sensors mounted on specific satellites transmit radar signals toward the Earth, 
some of which reflect off objects on the ground, bouncing back to the satellite. 

The precision of the SqueeSAR® measurements depends on performing a correct phase 
unwrapping and estimation of the atmospheric noise (Fumagalli et al., 2011). Since the elabor- 
ation is statistically-based, the main factors influencing the accuracy are related to both the 
quality of every single image and the quality of the whole processed dataset (the latter increas- 
ing with the number of processed images, length of the period covered, temporal continuity of 
acquisitions and density of Measurement Points (MP) identified). With respect to conven- 
tional techniques, SqueeSAR® can also exploit existing satellite imagery archives to provide 
measurements of displacement back to 1992. The introduction of X-band SAR satellites has 
further increased the quality of measurements thanks to their higher spatial resolution (down 
to 1 m) and hence sensitivity to surface deformation, as well as the better temporal frequency 
of acquisition (down to a few days, rather than a monthly update). 
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Figure 7. An illustration showing the relationship between ground displacement and signal phase shift. 
This is the basic principle of InSAR for measuring ground movement (left) and SqueeSAR® algorithm - 
PS and DS ground radar targets concept and signal amplitude property (right). 
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Also, a few limitations exist in the application of satellite InSAR. The MP density pro- 
vided by InSAR depends on the natural reflectivity of the ground as well as the topography 
of the area, and the resolution of the SAR images used (density increases with the satellite 
resolution): the highest density is reached over urban and bare areas, it is much lower over 
vegetated areas, areas affected by strong reflectivity changes and very fast movement (in the 
range of Im/yr), and areas where the satellite visibility is limited due to geometric distortion 
effects. 

In case of rapid deformation affecting single isolated targets, theoretically, only displacement 
below 2/4 (C band: A4=5.66 cm; X band: A=3.10 cm), where à is the wavelength, can be cor- 
rectly detected. A greater displacement may be misinterpreted. These theoretical limits refer to 
fast movements affecting single isolated radar targets. However, measurement ambiguities can 
be resolved in cases the movement is spatially correlated and the MP density is adequate. 

InSAR cannot be used as a real-time monitoring tool. The frequency of data is dependent 
on the revisit time of radar satellite constellations in use that so far remains within a few days 
range. Future improvements are expected with the launch of new commercial missions, which 
will drastically improve the availability of data over even shorter time intervals. 


4.3. InSAR results over the CBT 


The southern portion of the CBT was monitored using satellite data with SqueeSAR®. The 
area of interest (AOI) of 5.5 km? extends from the municipality of Ponte Capriasca in the 
north to the south portal of Vezia, including the municipalities of Origlio and Cureglia. 

The satellite monitoring started with the excavation of the southern portion in January 2013 
and stopped in May 2015 after the completion, providing semestral updates. Also, a historical 
analysis from September 2008 to December 2012 was carried out in order to highlight any 
existing ground instabilities before tunnelling excavation. 

Both for the historical and the following semestral updates, SqueeSAR® processing 
employed the high-resolution satellite imagery acquired from the COSMO-SkyMed constella- 
tion over the reference time intervals. 

All the satellite measurements were provided along the satellite LOS, with an angle of 28° 
to the vertical, and referred to a reference point, which was placed in the village of Curiglia 
around 250 m-far from the tunnel alignment. Moreover, measurements were specifically pro- 
jected onto the Swiss projection system CH1903+_LV95. 

Relevant SqueeSAR® information is summarized for the areas covered in Figure 8 follow- 
ing the progression of tunnelling: The Ponte Capriasca area was affected by ground deform- 
ation with almost constant average velocity within -10mm/year along the line of sight (LOS) 
before tunnel excavation works had started. 

Similarly, in the Origlio area, an increase in displacement velocity was already registered in 
2012; ground movements had then stabilized since the second half of 2014, after having accu- 
mulated a displacement between 1 and 3 cm along the LOS. Motion acceleration had followed 
the progress of the works from North to South. 

The Cureglia area was impacted by tunnel excavation in 2014 where the acceleration of 
surface motion could be correlated with the construction progress. This correlation was 
made more evident by comparing the motion trend of some point clusters selected along the 
alignment (Figure 9). The averaged time series of points falling in areas A, B and C are 
shown in Figure 9 and demonstrate that deformation phenomena had not yet stabilized 
after the work completion and had accumulated up to 2 cm of displacement along the LOS. 
The Cadempino - Portale Vezia area was affected by acceleration phenomena between the 
end of 2014 and the first months of 2015. The data showed a cumulative displacement 
within 1-2 cm along the LOS, while no acceleration was observed in the southern sector 
towards Portale Vezia. 

Thanks to the satellite monitoring, it was possible to map the total areas that were affected by 
the tunnelling by discriminating between the existing and the induced displacement, which 
enabled an estimate of the residual displacement after the completion of works to be made. 
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Ponte Capriasca 


Origlio 


Figure 8. The satellite monitoring was broken into the four areas of interest (AOIs) outlined in red in 
the figure (left) and annual displacement average velocity (measurements along the LOS) map by Squee- 
SAR® on Sept. 2008 - May 2015, along the tunnelling alignment (right). 
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Figure 9. Detail of the acceleration field in the Cureglio area. The areas for which the averaged displace- 
ment time series was calculated (see Figure on the right) are outlined in red (left) and averaged displace- 
ment time series for the areas outlined in red (right). 


5 CONCLUSIONS 


The main conclusions are summarized in the following: 


— Due to the excavation methods and rock supports adopted, no criticality was recorded on 
the buildings and infrastructures even in areas with very low overburden. 

— The InSAR monitored data gave results that were consistent with the design predictions 
and the traditional ground-based monitoring systems. 
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— InSAR monitoring techniques can provide a dense number of measurements which is not 
possible through traditional ground-based monitoring systems normally used in under- 
ground construction projects. 

— The presented methodology enabled the identification of vulnerable areas along the tunnel 
track, with an excellent compromise between accuracy and economic considerations. 

— The benefits of using this technology for monitoring surface deformation induced by tun- 
nelling in both urban and non-urban areas have been illustrated, with reference to possible 
applications in all phases of the project, from design to excavation and operation/ 
maintenance. 

— Increasingly, space-based InSAR is being incorporated into comprehensive geotechnical 
monitoring programs for tunnelling projects as it offers a synoptic, wide-area view, which 
can be coupled with localized, traditional in-situ systems thereby providing 
a comprehensive dataset of spatially and temporally dense ground deformation data. 


Finally, the recent launch of satellites with a high frequency of acquisitions (up to a few 
days), combined with the development of sophisticated automatic processing algorithms make 
it possible to determine reliable surface deformation measurements rapidly. 
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ABSTRACT: In this paper we present a prototype system for collaborative visual analysis of 
tunnel monitoring data. Remotely located analysts (e.g., geotechnical experts) explore 
a dynamic 3D scene either with conventional desktop setups or fully immersive with virtual real- 
ity headsets. They can inform peers about results and insights by creating a presentation with 
integrated storytelling mechanisms. The experience is based on a 3D scene of a construction site, 
featuring digital twins of tunnels as key elements, which are enhanced by geospatially anchored 
sensors. Animated visualizations show the progress of the construction and its effect on sensor 
values. A story is defined by choosing stations and timepoints in the 3D scene and adding narra- 
tions and additional media. Storytelling is a powerful method for asynchronous collaboration 
because it makes an analysis session more comprehensible and reproducible, thereby increases 
trust. Furthermore, it is also very effective for the training of apprentices. 


1 INTRODUCTION 


Storytelling in the context of tunnel monitoring should provide an efficient way to generate 
presentations directly from the analysis session. That means the mechanisms to create and edit 
a story should be embedded into the tools used for analysis. In this way each step can be 
easily documented and becomes reproducible. Important findings are directly reported and 
emphasized. Embedded storytelling frees experts from separately preparing presentations 
using external tools. This usually implies more complex workflows including capturing an 
interactive session, creating screenshots, exporting and converting media and finally assem- 
bling everything into a presentation. Such workflows are prone to errors as important issues 
might be missed or the full context gets lost. 

Embedded storytelling supports asynchronous collaboration. A geotechnical expert might 
base his or her own analysis on a previous one carried out by a colleague. In that case he or 
she can run through the story provided by this colleague. It is possible to retrace all important 
steps of the session and fully understand how the peer came to his or her conclusions. This 
makes even complex analysis sessions reproducible and increases their reliability. It is then 
much easier and more efficient to build one’s own analysis on that of peers. Besides that, 
storytelling can be used to inform all stakeholders of a construction project and even the gen- 
eral public by creating suitable stories directly from a monitoring tool. It helps decision 
makers (e.g., site managers and supervisors) to base their actions on well documented findings 
and justify them by presenting the related stories. 

Another great advantage of storytelling is its use for the training of apprentices. A story can 
also be a guided tour through a 3D scene representing a construction project. The digital twin 
of the tunnel that also includes visualizations of sensors becomes a perfect virtual training 
environment. Apprentices can run through a guided tour to learn the differences between 
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planning and real live data, how 3D reconstructions of already built tunnel segments were 
obtained and which types of sensors are used for the measurement of various parameters. 
They not only learn how tunnel monitoring is performed but get used to the monitoring tool 
itself because of embedded storytelling. The tour can include stations that encourages appren- 
tices to make their own experiences and reach some goals such as assessing the time series of 
a sensor measurement. 

In this paper we present a prototype system of a storytelling component with the aim to fulfill 
the requirements described above. It is embedded into an interactive 3D tunnel monitoring tool, 
called Geotunnel Viewer, that was developed in close cooperation of VRVis and Geodata. Ana- 
lysts explore a 3D scene representing a construction site. It features digital twins of tunnels as 
key elements, which are enhanced by various sensor visualizations. Animations show the pro- 
gress of the construction and their effect on the dynamic of sensor measurements. 

A storyboard is created by defining viewpoints and timepoints in these dynamic 3D scenes 
and order them into a desired sequence. The system also provides data driven navigation to 
locations where critical values were measured and to marked construction features imported 
from other applications. These locations can also be inserted into a storyboard. The sequence 
of viewpoints defines stations in the 3D scene for a guided tour. At each station analysts can 
add a narration as text and/or audio file. It can be supplemented by a link to a website for 
further information and an image. An important aspect is that authors can configure what 
should be visible at each station and what should be hidden. The playback can be started at 
each station with a predefined speed. Others can then load such guided tours and fly back and 
forth between their stations to study a construction project or an analysis result. 

In the following sections we give an overview of the related work. After that we describe 
how the embedded storytelling works, how stories are created and experienced. This section 
includes a brief overview of the 3D monitoring system for which the storytelling component 
was developed. Then we present and discuss two use cases based on real live tunnel projects. 
We explain limitations of the prototype system in the conclusions and give an outlook of our 
future work in that direction. 


2 RELATED WORK 


As stated by (Thomas & Cook, 2006) communication is the most time-consuming part of 
a data analysis workflow and stories are one of the most effective ways to convey information 
as noted by (Kosara & Mackinlay, 2013). Many other researchers have discussed the applica- 
tion of storytelling in visualization, including detailed design studies (Hullman, et al., 2013), 
(Lee, et al., 2015) and (Thöny, et al., 2018). An interesting survey was presented by (Tong, 
et al., 2018). They classified storytelling mechanisms and considered aspects such as user 
engagement and data preparation. 

Within the context of explaining complex geospatial processes (Ma, et al., 2012) discuss 
NASA’s use of Scientific Visualization Studio to illustrate their research activities (NASA, 
2012). AniViz is a tool that provides an authoring system for stories about climate visualiza- 
tions (Akiba, et al., 2010). Storytelling tools are popular in the field of geology for illustrating 
extremely slow geological processes (Lidal, et al., 2012), (Lidal, et al., 2013) or in other 
domains with geospatial context but mostly based on GIS or similar map visualizations (Gao, 
et al., 2014), (Satyanarayan & Heer, 2014). 

Our approach follows the concepts of integrated storytelling described by (Lee, et al., 2015) 
and (Gratzl, et al., 2016), which divides it into three major steps 1) exploration of the data, 2) 
authoring and 3) presentation. In our case step 1) correspond to analyzing monitoring data 
with an enhanced digital twin of a tunnel construction site. Steps 2) and 3) are carried out 
within the same viewer. Furthermore, interactivity is an important aspect in our context as 
discussed by (Ma, et al., 2012). It means that the audience has some control over the story 
flow. In our case, users can interrupt the story and interact with the 3D scene to view the 
monitoring data from various perspectives and timepoints, which helps to deepen their 
understanding. 
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3 STORYTELLING FOR COLLABORATIVE TUNNEL MONITORING 


3.1 3D Monitoring system overview 


The Geotunnel Viewer (Traxler, et al., 2017), (Traxler, et al., 2019) is the result of a long- 
lasting research project in close cooperation of VRVis and Geodata, and is developed with the 
Unity Game Engine (unity.com). It is an interactive viewer based on a 3D scene representing 
a tunnel construction project and also provides an immersive experience using a virtual reality 
headset. Digital twins of tunnels form the key objects of the 3D scenes. They can be created 
from planning data (mainly based on an axis and profiles) or come from 3D reconstructions 
of already built tunnel segments. These digital twins not only consist of geo-referenced geom- 
etry but also of spatially anchored sensors in the scene (e.g., geotechnical sensors such as 
extensometers, inclinometers or 3D displacement targets). 

Animated visualizations of their values appear where they were measured. They show the 
dynamics of time series in the geospatial context in combination with the construction process, 
enabling a spatiotemporal analysis of its effects. The viewer supports both recorded and live 
data. The playback speed of recorded data can be adjusted. For example, time lapse anima- 
tions are well suited to better understand the dynamic of data with a low sample rate (e.g., 
hours or even days between single measurements). 

The Geotunnel Viewer provides data driven navigation for critical values, which 
means that analysts are guided to locations and timepoints where they were observed. 
Flying back and forth between such locations and timepoints helps to better under- 
stand the spatiotemporal distribution of criticalities and to eventually recognize correl- 
ations between them. 

The perspective of a 3D scene has the advantage that heterogenous monitoring data from 
different sensors can be better combined in one view and thus more comprehensibly com- 
pared. Aggregated visualization allows to survey long tunnel segments from a larger distance 
and see how sensor values develop over time. Clusters and outliers are easily recognized. 
Figure 1 shows some examples of tunnel monitoring with the Geotunnel Viewer. 


Figure 1. Monitoring examples a) Point cloud with color map indicating radial displacements of the 
tunnel wall, b) radial displacements of tunnel segments, c) navigation to a critical value and d) aggregated 
deformation values. 
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3.2 Creating stories 


A story consists of at least one station, which is defined by a location and a viewing direction 
in the 3D scene representing a tunnel construction project. Since tunnel monitoring is 
a spatiotemporal activity, the timepoint is also an important parameter of a station. Hence 
each station shows a particular state of the construction process at a particular location. The 
sequence of stations defines a guided tour through space and time. Each station must have 
a title and a narration (text and optional audio file). It can be supplemented by an image and 
a link to a website to refer to more detailed information on the subject addressed by the 
station. 

Authors can further adjust which objects should be visible or hidden at each station. This 
helps to focus the attention to subjects of the current narration, for example the visualization 
of a particular sensor. It is also possible to start the playback of animations with the viewer’s 
current speed settings at a station. This allows to also consider the dynamic of a construction 
project in a storyline. 

The aim of embedded storytelling is that stories can be created directly with the 3D moni- 
toring tool. A separate user interface (UI) panel (called Story Panel) allows to create new stor- 
ies or load existing ones. Stories are associated with scenes of a tunnel construction project 
and only those available for the currently loaded scene can be chosen from a drop-down 
menu. Users define stations by exploring the scene in the same way as when performing an 
analysis. When reaching a desired location and looking in the intended direction a user can 
create a new station with the Story Panel and the current viewpoint is recorded. The current 
date and time are also recorded and can be set with the calendar before creating a station. The 
system also stores the current visibility states of objects in the 3D scene. 

The author can open the Story Editor for a selected station to set further parameters. This 
dialog has two tabs one for the story and one for the selected station. In the story tab the 
author’s name, a title and an overall description can be entered, which are also shown in the 
Story Panel. In the station tab the author enters a title, the narration text and an URL. 
Besides that, he or she can open a file dialog to browse for images and audio files. A checkbox 
determines if the playback should be started for the station currently edited. Arrow buttons 
allow to browse through stations, which are linked with the Story Panel, i.e., the appropriate 
station in the list is selected. When editing a station an author immediately sees its content in 
the Information Panel (see Figure 2) that is used for watching a story (see section 3.3). Stories 
are saved as JSON files. 

Marked features on a tunnel reconstruction are special stations for experts. They highlight 
certain elements of a tunnel construction such as switch boxes, drain pipes or lamps but they 
can also demarcate problematic areas, for example, water leakages. Features are created in an 
external point cloud viewer and imported from JSON files. They are then listed in a separate 
UI panel (called Feature Panel). It allows analysts to navigate to each feature and edit its 
description or enter a comment, which supports a collaborative analysis. It is possible to add 
features as stations to a story by simply navigating to it and then creating a new station in the 
Story Panel. 


3.3 Experiencing stories 


After loading the story of interest, users can start watching them by clicking on the start 
button in the Story Panel or selecting a station in the list. Users are free to start at any station 
they prefer. Selection of a station guides the user automatically to the corresponding location 
and viewing direction by a smooth camera animation and sets the corresponding date and 
time. Visibilities of objects are adjusted according to the stored states. The playback might be 
started automatically to show animated visualizations. 

When selecting a station, the Information Panel opens to show its content. It consists of the 
title and the narration text and, if available, of an image. If an audio file exists, users can start 
its playback with the sound button, which is then replaced by a mini-player (see Figure 3 left). 
It shows the current playback time and the duration of the audio clip and provides buttons to 
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pause or stop it. When the station refers to a web site, users can open it with the link button. 
A web browser opens on top of the 3D view and loads the corresponding website (see 
Figure 3 right). 

The Information Panel has arrow buttons to switch from one station to the next or previ- 
ous. This also changes the selection in the list of stations of the Story Panel. The story does 
not proceed automatically. It is up to the user to change stations either with the buttons in the 
Information Panel or by selecting a list entry in the Story Panel. Watching and browsing 
through marked features works in a similar way and their content is also shown in the Infor- 
mation Panel. 


Story Editor abaro rm 


Information 
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Figure 2. Editing a station with the Story Editor (upper left panel), which is linked with the Information 
Panel to view content (lower left panel) and the Story Panel (part of the UI on the right-hand side). 


An important aspect is that watching a story does not block any interactions in the 3D 
scene. So, users can freely navigate, change the date and time, start the playback with the 
chosen speed and adjust visualization settings. The story might even encourage them to do so. 
This is essential for training sessions, because apprentices can be asked to try out specific 
interactions and perform a certain monitoring task. But it is also important for collaborative 
analysis sessions. An analyst might first watch a story up to some point authored by 
a colleague to better understand and reproduce his or her insights. From that point on, he or 
she will begin his or her own analysis. The Information Panel can be closed at any time and is 
reopened when returning to a story station by selecting it. Therefore, users can seamlessly 
switch between watching stories and exploring the scene. This is what makes embedded story- 
telling so effective for training and collaboration. 


4 EXAMPLE STORIES 


4.1 Training of deformation measurements 


We created two stories for an Austrian tunnel project for basic training purposes. Apprentices 
learn how a construction can be virtually revisited to investigate different types of deformation 
measurements. They first learn how the tunnel model was created from planning data and 
how the advancement of the tunnel face is shown by animations. The next stations show geor- 
eferenced photos of the excavation that appear on the location where they were shot. The 
heart of the story is the demonstration of the visualization of tunnel deformations. 
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Deformation vectors are shown as polylines that grow over time. The convergence between 
several point pairs is displayed using animated diagrams attached to the connecting lines (see 
Figure 3 left). The story concludes by showing geologic face sketches for two locations in the 
tunnel that can be compared with deformation measurements (see Figure 3 right). 

The second story deals with extensometers and inclinometers and their animated visualiza- 
tion. Apprentices are encouraged to explore the scene for themselves and for example click on 
extensometers and inclinometers to switch on or off labels with numerical values. This story 
also demonstrates how aggregated visualization of deformation measurements can be viewed 
for a long section of the tunnel from the outside (see Figure 4). 


Figure 3. Two stations of the first story. Left: deformation vectors emanating from reflectors and con- 
vergence between some measurement points. The mini player is visible in the Information Panel while 
listening to an audio narration. Right: an embedded geologic sketch is visible in the background while 
looking at a website in the integrated browser. 
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Figure 4. A station of the second story. Combination of extensometers, inclinometers and aggregated 
visualization of deformation measurements as color-coded spheres. 


4.2 Tunnel inspection using point clouds 


This is a special story for experts in tunnel inspection to support their collaboration. They can 
visit marked features of a point cloud of an existing tunnel obtained from 3D laser scanning. 
These features correspond to certain construction elements such as tunnel lining segments or 
also tunnel equipment such as drain pipes, lamps and switch boxes that require attention, for 
example, are damaged and need repair. Analysts can add a description of these features, add 
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further data (e.g., images) and post comments, for example, give recommendations (see 
Figure 5). The story can be seen as a systematic presentation of tunnel inspection features in 
an ordered sequence within a 3D point cloud. The user is guided from one feature to the next 
for close-up analysis and commenting. In this way the developed Geotunnel Viewer and its 
storytelling component are used as a tool supporting tunnel inspection. 


Bid Powe 


Figure 5. Inspecting a drain pipe marked in the point cloud data (pink). A description and a photo are 
shown in the Information Panel. The expert entered a comment into the Feature Panel of the UI 
(right-hand side). 


5 CONCLUSIONS 


5.1 Summary 


In this paper we presented a prototype of a storytelling component that is embedded into 
a 3D tunnel monitoring tool. This mechanism allows to directly create stories from an explor- 
ation and analysis session. These stories also run within the same tool providing a seamless 
transition between watching them and exploring the 3D scene. This is not only highly efficient 
but also ideal for training and collaboration. Apprentices can be asked to perform 
a monitoring task at any time without changing to another tool. Analyst can base their own 
monitoring session on the story of peers, which makes their insights easier to comprehend and 
to reproduce. In this way storytelling helps to increase the reliability and the trust in the ana- 
lysis result of an author. Storytelling is also very helpful to inform all stakeholders of 
a construction project and the general public, which supports decision making. 
A video demonstrating the prototype is available on YouTube: youtu.be/IxRBB5pVga8. 


5.2 Limitations 


Since the presented storytelling component is a prototype and the latest result of applied 
research, it has some limitations. First of all, it was only tested by a couple of analysts. A more 
accurate assessment of its effectiveness and benefits requires a user study with a larger group. 

Another limitation is imposed by ignoring user roles and authentication. In the prototype every- 
body can edit a story, but only its author should be allowed to. To further support collaboration 
it would be good to ask story authors to inform others about their role in a construction project. 
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Some mechanisms in the UI are still missing. This includes recording of audio narrations dir- 
ectly in the viewer, arranging the sequence of stations in the Story Panel and also store other visu- 
alization settings at stations than object visibilities such as color schemas or value types. Since the 
JSON files of stories are human readable, editing them mitigates the current shortcomings. 


5.3 Future work 


In our future work we plan to address the limitations described in section 5.2. A user study 
with a larger group of tunnel monitoring experts will be organized to assess its effectiveness in 
a quantifiable way. Improvements of the usability for creating stories is already in progress. 
User roles and authentications will be considered. To further support collaboration users 
should be able to post comments to each station of a story. We also plan to set pins into the 
3D scene to mark story stations, which can be clicked to select them, triggering navigation to 
this spot and opening the Information Panel. 
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Continuous advance — developments for a new Herrenknecht TBM 


J. Tréndle, G. Wehrmeyer & F. Steiner 
Herrenknecht AG, Schwanau, Germany 


ABSTRACT: Conventional mechanized tunnelling is separated into two consecutive process 
steps, the advance and ring building. In the past it was not possible to run both processes in 
parallel. During ring building the machine is stopped, so ring building is associated with a loss 
of time for the advance. To increase the efficiency of the tunnel excavation process, the 
machine is equipped with a system for continuous mining. The two process steps can be car- 
ried out at the same time, which improves overall performance and reduces project runtime 
and thereby the cost of the project. The continuous advance increases the total daily advance 
rate by a factor of up to 1.6 compared to the discontinuous state-of-the-art advance, resulting 
in a significant reduction in construction time especially for longer tunnels. In addition, higher 
system performance and utilization increases energy and resource efficiency, so the environ- 
mental impact is significantly reduced. 


1 INTRODUCTION 


Ongoing urbanization and the close links between countries, economies, technology and 
people increase the need for underground infrastructure. To keep pace, the continuous 
advance is a forward-thinking solution for building longer tunnel sections faster and more effi- 
ciently. This allows a considerable saving in construction time and reduces the overall cost. 
Modern tunnel boring machines are highly efficient systems with regard to safety, performance 
and quality. However, tunnelling with shield machines worldwide is characterized by the start- 
stop sequence of the two operating modes advance and ring building. Experiments in practice to 
begin ring building while the machine is advancing were so far not successful, since the machine 
could no longer be steered precisely with the retracted thrust cylinders. Continuous advance 
allows the two steps to be superimposed so that ring building can be done simultaneously with the 
advance. Pressure-regulated thrust cylinders, a new control via touchscreen, PLC-based calcula- 
tion algorithms and a slightly extended shield enable the steering of the machine in continuous 
advance. Because of these innovations, the remaining thrust cylinders in the advance take over the 
force of the retracted cylinders for ring building. As a result, the center of thrust, defined as the 
representative point where the total of all individual thrust forces per cylinder pushes the shield 
forward, is maintained. At the same time, the control of the advance speed was redesigned. 


2 CHALLENGES 


The biggest challenge of the continuous advance is maintaining control of the advance speed 
and the horizontal and vertical steering of the machine. Because of the ring building process, 
several thrust cylinders are retracted while the machine continues to be steered with them. In 
order to be flexible in all advance situations regarding the steering of the machine, the existing 
group control of the thrust cylinders via potentiometer is replaced by individual pressure 
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regulation for each cylinder. This pressure regulation needs to be fully automated, since one 
more complex system would further challenge the operator. 

The relevant parameters to steer a machine are, on the one hand, the advance thrust force, 
which is used to regulate the advance speed of the machine and on the other hand the horizon- 
tal and vertical steering torque. These parameters can be calculated from the individual forces 
of each cylinder. The vertical steering torque, for example, is calculated with the force of each 
thrust cylinder (F;) and the corresponding lever arm (Aye,;cq;,;) to the vertical axis, see Equation 
(1),while n is the number of the installed thrust cylinders. The vertical steering torque can also 
be calculated with the total advance force and the vertical center of thrust (CoT pertica). The 
CoT is defined as the resulting point of all individual forces per cylinder. To steer the machine, 
the operator specifies the horizontal and vertical CoT and the total advance thrust force. The 
same calculation has to be done for the horizontal steering torque, see Equation (2). Only if 
both equations are solved is the steering of the machine adequate. 


n 
Myertical = ` Ei Nyertical i * F; = Frotal * Co Tyertical (1) 


n 
M horizontal = ` i=1 Mhorizontal i * F; = Frotal * CoT horizontal (2) 


Advance no. n-1 Advance no, n 


NNR a 


Ring building 


Stroke 


Advance Advance 


Ring building Ring building 


Normal advance Continuous advance 


Figure 1. Advance procedure of normal and continuous advance modes in comparison. 


Depending on advance speed, segment length and the minimal curve radius, the system faces 
another challenge: the required thrust cylinder length. As ring erection takes place while advan- 
cing, the standard length of the thrust cylinders is not sufficient. To be able to place the last 
segments while still advancing and still being able to steer, it is necessary to elongate the thrust 
cylinders slightly and thereby also the shield length over the standard dimensions. Figure 1 
shows the advance procedures in normal and continuous advance in comparison. As seen, it 
takes less time for one advance while a higher stroke is needed to place all segments. Before 
the first segment can be placed, the stroke of the rams has to exceed the segment length and 
the space needed for dowels. When using standard thrust cylinders, the remaining stroke is 
not sufficient to set all the other segments while advancing with a normal advance speed. 


3 HERRENKNECHT CONTINUOUS ADVANCE SOLUTION 


3.1 Innovative control of thrust cylinders 


The new Herrenknecht concept TBM reached its use case by a few changes in design and con- 
trol measures. These are: 


— Anew, force-based hydraulic control for the thrust cylinders 
— A new Steering control by touch panel interaction with a setpoint for the center of thrust 
and simple and intuitive operation 
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— PLC-based calculation algorithms for the setpoint of every thrust cylinder pressure 
— A slightly extended shield and accordingly elongated thrust cylinders to enable steering of 
the machine in continuous advance 


NEW Re at 


Figure 2. Herrenknecht TBM with continuous advance solution. 


By the use of those measures, the machine is able to excavate and build the segmental 
lining at the same time. In continuous advance, several cylinders are retracted to place 
the segments. The pressure calculation of the PLC therefore adjusts the pressure of each 
cylinder. Figure 2 shows an example of the pressure distribution in standard (=) and 
continuous advance (m=). In this example, the segment is placed at the bottom of the 
machine, accordingly cylinders 7 and 8 are without pressure. The irregular pressure dis- 
tribution and the associated pressure steps are restricted by specified limit values and are 
dynamically optimized by the PLC. 


3.2 Center of thrust (CoT) 


To ensure the complexity of the system does not result in greater complexity to control 
the machine, the steering is controlled by an HMI shown in Figure 3. The CoT can be 
adjusted on a touch panel in the control cabin. The individual thrust forces per ram 
are subsequently calculated by the PLC. Via fully automated advance speed regulation 
and the CoT steering, the complexity of the control for the continuous advance can be 
reduced to an absolute minimum while still being able to steer the machine precisely. 

The steering by CoT, seen in Figure 3, supersedes the classic steering by potentiometers 
for each cylinder group. The operator can select the desired position of the center of thrust 
by interacting with the touch screen. The corresponding control of the thrust cylinders is 
handled by the algorithms in the PLC. This steering control is used for the standard advance 
mode as well as for the continuous advance. For a simple and clear overview, the rams and 
their conditions are shown around the CoT window. All parameters that define the advance 
and the continuous mode can be edited on the same screen. 


3.3 Advance speed control 


In addition to the continuous advance, the machines are equipped with an advance speed con- 
trol which works hand in hand with the continuous advance system. The advance speed con- 
trol system assists in achieving a constant tunnelling pace. This leads to higher system 
performance and utilization and increases energy and resource efficiency. As the operator 
only sets the nominal value of the advance speed and the regulation is done via PLC, the 
advance speed control enables the operator to have a better overview and control over all the 
other important processes in the advance cycle. 
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Figure 3. Steering by CoT. 


3.4 Up to 1.6 times faster 


As a result of the parallel execution of advance and ring building, the concept TBM creates 
a huge benefit in time saving. In comparison to state-of-the-art tunnelling in a discontinuous 
cycle, the continuous advance is up to 1.6 times faster as the downtimes associated with the 
discontinuous process in conventional mechanized tunnelling can be reduced to a minimum. 
Depending on the machine type, the TBM generally has to be stopped only for slurry line or 
conveyor belt extensions. 


E State-of-the-Art TBM ram] 
E New Herrenknecht Concept TBM 


DAYS 
SAVED 
MACHINE DATA 
) Machine Diameter: 11,000 mm 


pi —i : | > Geology: soft and mixed ground 


Tunnel length: 5km km 15km 


Figure 4. Time saving potential of Herrenknecht TBMs with continuous advance. 
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The full time saving potential can be achieved on machines with larger diameters and thereby 
lower advance speeds. But for smaller machines too, the continuous advance can be a huge 
advantage. Figure 4 shows an example of how much time can be saved during the project’s 
runtime, depending on the tunnel length. 


4 CONCLUSION 


The continuous advance covers almost all operating conditions of closed mode shield machines 
in discontinuous advance. It can be used universally on different types of machines with differ- 
ent diameters, with only light adaptations in hardware compared to state-of-the-art machines. 
The increase in performance by a factor of 1.6 is a huge advantage compared to previous 
machines and can be achieved without any additional complexity for operators and users. 

Mechanized tunnelling projects with longer drive lengths from a starting shaft are thus 
gaining further importance as environmentally friendly construction methods, since the 
intervention in the surrounding area and the impact on the environment are limited to one 
point and construction time is shortened. The realization of infrastructure measures thus 
benefits everyone more quickly. 

Especially in longer tunnels, where the system has the greatest impact, all parties involved 
can profit from its advantages. As the greater complexity of the system is compensated by the 
complementary systems it can be operated by experienced miners as well as by beginners in 
tunnelling. 
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Characteristics of laser ablation-excited vibrations in concrete 


N. Yasuda 
Kyoto University, Kyoto, Japan 


T. Asakura 
Research group for tunnel engineering, Chiyoda-ku, Tokyo, Japan 


ABSTRACT: This paper reveals the characteristics of laser ablation-excited vibrations in 
concrete through laboratory experiments by comparing the frequency response function 
obtained from hammer-induced vibration. The results show that the characteristics of laser- 
excited vibration are not flat, and high-frequency vibration is more strongly excited. This is 
because the excitation source of the laser ablation-excited vibration is not the reaction force of 
material removal from the concrete surface but the sound pressure excited by laser ablation. 
Therefore, it is necessary to consider these vibration characteristics and the vibration excita- 
tion source when the laser ablation is used as a substitute for a hammer. 


1 INTRODUCTION 


Periodic inspections are necessary to maintain the functions of concrete structures and prevent 
accidents. One of the most used methods for the inspection is the hammering test, in which an 
inspector strikes a target using a steel hammer and evaluates the spalling risk using human 
sensory abilities such as auditory sensation and tactile sensation. This approach is widely used 
as an inspection method because it is easy to perform, and it can be used to chip areas 
of concrete that are already at risk of spalling on the spot. However, this test has some 
problems, such as the lack of skilled technicians, the risk of falling from high places, 
and the lack of unified evaluation criteria. 

To address these problems, the mechanization of the inspection is under development 
(Menendez et al., 2018; Loupos et al., 2018; Nakamura et al., 2019, Sugimoto et al., 2019, 
Kurahashi et al., 2018; Yasuda et al., 2020, 2021; Wakata et al., 2022). Remote laser sensing is 
one alternative to inspection. This method uses two types of lasers: an impact laser to induce 
vibrations in the measurement target by laser ablation and a detection laser to measure these 
induced vibrations. The usefulness of the method has been confirmed in laboratory and field 
experiments (Yasuda et al., 2021, 2022). However, the vibration excitation mechanism by 
laser ablation is complicated. Hence, the characteristics of laser ablation-excited vibrations 
remain unclear. This paper reveals the characteristics through laboratory experiments. 


2 MATERIALS AND METHODS 


2.1 Outline of concrete specimens 


Concrete specimens with an inclined detachment were prepared. The specimen had a height of 
400 mm, width of 300 mm, thickness of 120 mm, and mass of approximately 35 kg, as shown 
in Figure 1. The inclined detachment angle was 9 degrees. The detachment was made by 
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embedding Styrofoam when placing the concrete and removing the Styrofoam after curing. 
The thickness of the Styrofoam was 5 mm. 


120 


Š lg — [unit : mm] 


@ : Measurement point @ : Excitation point 


Figure 1. Detailed dimensions of specimen. 


Table 1. Summary of concrete mix proportions. 


Water Fine Fine Coarse 
cement ratio aggregate ratio Water Cement aggregate aggregate Admixture 
%) A) (kg/m*) — (kg/m*) (kg/m*) (kg/m*) (kg/m°) 


68.0 52.8 186 274 922 860 2.740 


The concrete mix proportions are summarized in Table 1. The maximum size of the coarse 
aggregate was 20 mm, and the design compressive strength was 18 N/mm’. The compressive 
strength at the age of 28 days was approximately 29 N/mm”. 


2.2 Measurement conditions 


Figure 1 shows the vibration measurement and excitation points. The vibration was 
measured at a fixed point, and vibration excitation was carried out at three points. 
Vibration measurement (surface velocity measurement) was carried out using a laser Doppler vib- 
rometer (PDV-100, Polytec). The data were obtained at the sampling frequency of 100kHz. 
During the measurement, anti-vibration gel (GD15-100, EXSEAL) was inserted between the spe- 
cimen and the ground to suppress the wobbling caused by the unevenness at the bottom of the 
concrete specimen. Vibration excitation was performed with a hammer and a laser. The hammer 
was a small impact hammer (086E80, PCB). The laser was a high-power pulsed Nd:YAG laser 
(SLT-ND-EOQAMR, Sparkling Photon) with a wavelength of 1064 nm (invisible light) and 
a pulse width of approximately 10 ns. This laser was used to excite laser ablation, which is the 
process of material removal from a solid surface by high-power pulsed laser irradiation. The max- 
imum distance from the laser devices to the specimen was approximately 10 m in order to assume 
on-site measurement. The laser energy in front of the specimen was approximately 4 J. 


3 EXPERIMENTAL RESULTS AND DISCUSSION 


3.1 Comparison of hammer and laser response 


An example of the results for hammer excitation is shown in Figure 2. The data acquisition 
began at 0.02 s before the hammer excitation and lasted approximately 0.33 s (32,768 
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measurement data points). The maximum excitation force of the impact hammer was approxi- 
mately 10N, and the maximum value of the excitation vibration was approximately 4 mm/s. 
The waveforms include many oscillation modes because characteristic peaks can be observed 
in the Fourier amplitude spectrum. Because their amplitudes are directly proportional to the 
magnitude of the excitation force, the frequency response functions were used in the evalu- 
ation of the vibration characteristics. 


Force 
Velocity 


Force (N 
Velocity (mm/s) 
Amplitude (N) 


0 2000 4000 6000 8000 10000 
Frequency (Hz) 


(b) 


Figure 2. Hammer excitation force and vibration at measurement point A: (a) time history waveforms; 
(b) Fourier spectra of these waveforms. 
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Figure 3. A time history waveform of laser excitation vibration at measurement point A. 


Figure 3 shows a time history waveform of laser excitation vibration at measurement point 
A. The excitation position is the same as in Figure 2. The data acquisition began 0.001 s before 
the laser excitation and lasted approximately 0.08 s (8,192 measurement data points). Compared 
to the hammer results, the maximum velocity was larger, but the decay was faster. 

Figure 4 shows amplitude spectra of hammer-excited and laser-excited vibrations. The 
results of the comparison show that the response amplitudes of the hammer and laser were 
different, although the frequencies of characteristic peaks were the same. The laser-excited 
vibrations are more strongly excited at high frequencies. The results mean that the characteris- 
tics of laser-excited vibration are not flat. It means that the excitation source of the laser abla- 
tion-excited vibration is not the reaction force of material removal from the concrete surface. 

By the way, when laser ablation occurs, a loud impact sound is generated. This sound may 
have affected the vibration excitation. Hence, an additional experiment was considered. 
Figure 5 shows the arrangement of the specimens used in the experiment. The measurement 
and excitation points used in the experiment are also shown. The two concrete blocks are 
placed with a 5 mm gap between them. Excitation point B is in the same block as the measure- 
ment point. On the other hand, excitation points a, b, and c are in a different block from the 
measurement point. The larger block is a concrete specimen with an inclined detachment that 
has been used so far, and the other concrete block has no defects. 
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Figure 4. Amplitude spectra of hammer-excited and laser-excited vibrations at (a) point A, (b) point B, 
and (c) point C. 


Figure 6 shows the amplitude spectra of laser-excited vibrations. Spectral peaks correspond- 
ing to the natural vibration of the defect can be observed even when the laser excitation is per- 
formed at points a, b and c, although the amplitude of the spectrum is smaller than when the 
laser excitation is performed at point B. The experimental results suggest that most of the excita- 
tion vibration caused by laser excitation is due to the impact sound excited by the laser ablation. 


Œ: Measurement point @: Excitation point 


Figure 5. Measurement and excitation positions in additional experiment. 


3.2 Sound pressure generated by laser ablation 


It was considered that the vibration was excited by the sound pressure generated by the laser 
ablation. Measurements were taken to determine the magnitude and frequency characteristics 


of the sound pressure. It was measured using a microphone (46BE, GRAS). The data were 
obtained at the sampling frequency of 1MHz. 
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Figure 6. Amplitude spectra of laser-excited vibrations. 
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Figure 7. Time history waveforms of sound pressure at 25 cm from the center of the specimen. 
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Figure 8. Amplitude spectra of sound pressure. 


Figure 7 shows the time history waveforms of sound pressure at 25 cm from the center of 
the specimen. The specimens here have the same dimensions as the previous specimens and 
have no defects. Sound pressure measurements were taken directly in front of and beside the 
center of the specimen. The sound pressure was louder than expected, and this distance was 
the measurement limit with the available. The figure shows that the sound pressure rises 
abruptly, and its effect time is approximately 0.0001 s. 

Figure 8 shows the amplitude spectra of the sound pressure. The results for 50 cm are also 
shown. All of them are found to have a spectral peak of around 10000 Hz. This spectral shape 
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is consistent with the results of Figure 3, which showed a stronger high-frequency response 
than the frequency response function obtained with hammer excitation. 

It is thought that increasing the laser excitation sound pressure and lowering the frequency 
peak will contribute to making the equipment smaller and less expensive. 


4 CONCLUSION 


This study investigated the characteristics of laser ablation-excited vibrations in concrete. The 
frequency response function obtained by hammer-induced vibration and the response spectrum 
obtained by laser vibration were compared. Additionally, the reasons why vibrations are excited 
by laser ablation were investigated. The following conclusions were drawn from this study: 


(1) The response of the high-frequency component is larger for the laser-excited vibration 
than for the frequency response function obtained from the hammer excitation. 

(2) The experimental results suggest that most of the excitation vibration caused by laser 
excitation is due to the impact sound excited by the laser ablation. 

(3) The dominant frequency of the laser-excited sound pressure was approximately 10000 Hz. 

(4) Increasing the laser excitation sound pressure and lowering the frequency peak will contribute 
to making the equipment smaller and less expensive. 
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ABSTRACT: A significant aspect of a subway tunnel condition assessment is the sys- 
tematic inspection of the inner concrete lining state. Fractures and cracks are one of the 
most common problems of the tunnels in service. It is therefore necessary to detect and 
classify them according to their characteristics and danger level. Underground infrastruc- 
ture such as metro tunnels comprise many kilometres in length. Innovative technology is 
vital for the efficient maintenance through detection of possible failures due to fractur- 
ing. We will present a new semi-automatic system of detection of crack presence under 
development for the Athens metro. The system is composed of an acquisition system 
(camera) geolocated, a module of cracks detection and an analysis module. In this 
paper, we will focus on the system core, i.e. segmentation and extraction of the frac- 
tures. The segmentation module is based on a class of artificial neural network deemed 
more suitable for the analysis of visual images, i.e. an efficient convolutional neural net- 
work (CNN). So the first step of this study is to find the most suitable CNN and its 
optimized parameters in terms of precision. Several CNN will be compared. The extrac- 
tion module will first extract the segmented cracks and then define a set of parameters 
such as length, width, area and form. This extraction takes into account that the camera 
has limitations and a crack could be present on several images. Future applications of 
this system include the automatic surveillance of the fracture evolution in time and the 
application of adapted prevention measures. 


1 INTRODUCTION 


Concrete is a material with excellent durability, which explains its wide use as construction 
material. It is nonetheless subject to material limitations which, in combination to design and 
construction practices as well as exposure to severe weather conditions can lead to its damage. 
The damage influences different aspects of the structure, namely the aesthetic, the structural 
and the functional. Grave factors are those that jeopardise the structural integrity of the struc- 
ture such as chemical attacks, carbonation, dynamic loading and overloading, dry and wet 
cycling and fire. The series of CEN standards under EN 1504 define the principles of rehabili- 
tation of damaged concrete structures. The choice of repair materials and systems are also 
included. 

In 2018, a market research exercise was commissioned by the Materials for Life 
(M4L) EPSRC funded research project. Interestingly, the market research showed 
(Figure 1) that damage in the form of cracking in concrete structures was experienced 
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by more clients, design team members and civil engineering contractors than any other 
problem (Gardner et al. 2018). The predominant strategies for the inspection of concrete 
structures and the recording of cracks are based on “manual” visual inspection by 
experienced personnel. It is clear however, that structural tunnel inspection even if per- 
formed through scheduled, periodic tunnel-wide visual observations by inspectors who 
identify defects and rate them, is a slow process with many limitations. The inspectors 
work in an unpleasant environment of dust, absence of light, uncomfortable conditions 
and possibly toxic substances. These working conditions are an important motivation to 
use innovative automated methods for tunnel inspection. 
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Damage caused by temperature extremes ate 
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Other © Contractors (10) 


Other includes; Expansion due to ASR, Salt damage. Sulphate damage. Fire damage. Concrete specs have been higher than 
required which has caused cracking due to brittleness. 


Figure 1. Market research results (Gardner et al. 2018 - CC License). 


Moreover, the use of innovative technology can provide more objective and efficient main- 
tenance through automatic detection of fractures. It is a task that may be undertaken by an 
automated system of detection of crack presence. The use of robotic systems in construction is 
a field with rapid advancements and several studies review their advantages for underground 
construction. Design of a robotic system includes two main parts, the first being the moving 
configuration and the second being the set of sensors it will be equipped with, to perform the 
required detection. The former is generally implemented as a wheeled platform, which has of 
course limitations in more complex and unstructured environments. There are however solu- 
tions such as those reported by Boston Dynamics (Raibert et al., 2008) and their quadruped 
robot to face a challenging environment, or Unmanned Aerial Vehicles (UAV) to go through 
uneven terrain. 

For the latter, i.e. the sensors part, it is important to notice that the inspection of a tunnel 
aims at certifying the safety of that structure and that it is also desirable to perform the inspec- 
tion in a non-destructive way (NDI). Concrete is the most common material in tunnel con- 
struction but metal and masonry make up a significant part. Cracks in reinforced concrete 
due to structural load are frequent. If their width lies within specified limits, usually 
0.1-0.3 mm, they are acceptable. The typical defects that are recognizable in concrete tunnels 
are cracks, spalling and leakage. If the tunnel walls have been covered by a finish such as 
paint, then their condition is observable on the basis of the deficiencies of the finish. For non- 
destructive recognition of these features there are several available methods as summarized in 
Table 1. 
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Table 1. Non-destructive tunnel inspection methods. 


Method Description 

Visual Well-trained eye 

Strength-based Estimation of surface compressive strength (eg. rebound test) 

Sonic Estimation of strength based on modulus of elasticity calculated from impact-echo 
sonic pulse travelling speed (e.g. sounding rod) 

Ultra-sonic Estimation of strength based on velocity of pulse generated by a piezoelectric trans- 
ducer (ultrasonic devices) 

Magnetic Determination of reinforcement position (e.g. Magnetic Flux Leakage method) 

Electrical Determination of permeability and corrosion through measurements of electrical 


potential differences between reinforcing steel and the surface. 

Thermography Similar to visual method but under infrared radiation. The discontinuities represent 
barriers to thermal flow. 

Radar Determination of discontinuities based on the propagation of electromagnetic energy 
(e.g. ground penetrating radar) 

Radiography Determination of density and thickness based on the amount of X or gamma radiation 
absorbed by structural materials. 


Endoscopy Visual method of unreachable areas based on the insertion of a flexible viewing tube 
into pre-drilled borehole 

Muon Similar to radiography but based on muon penetration. 

tomography 


Based on the above, a possible configuration for the sensors part would be a combination 
of visual and ultrasonic systems for crack detection and a 3-D laser scanning system to detect 
lining deformations. This research does not intend to “reinvent the wheel”, therefore the 
assumption of a robot composed of at least an acquisition system (camera) geolocated is 
assumed, a module of cracks detection and an analysis module. This way, our research will 
focus on the system core, i.e. segmentation and extraction of the fractures and their features. 


2 CRACK DETECTION WITH NEURAL NETWORKS 


Crack detection using image processing has the advantage of providing more accurate results 
if compared to the results from conventional manual methods. Digital cameras currently have 
at least 12 megapixels image resolution, which enables the detailed acquisition of concrete sur- 
face by using simply a mobile phone. Early methods for crack recognition typically applied 
threshold-based approaches to find the region of cracks. The basis of that approach was that 
crack pixels must be darker than surrounding pixels and brightness was the feature taken into 
consideration (Li & Liu, 2008). Obviously, these methods are overly sensitive to noise and 
lacking in global view of the forming crack (Shi et al., 2016). The suppression of noise is 
mostly countered by incorporating more features such as gray-level value based on various 
methods such as the Otsu (1979) threshold selection method (Nhat-Duc, 2018) or the method 
of Kapur et al. (1985), or the neighboring difference histogram method proposed in Li & Liu 
(2008). Apart from the pixel-based analysis of images, block-based crack detection is also 
reported in literature (Oliveira & Correia, 2013). State-of-the-art crack detection methods 
include CrackTree (Zou et al., 2012), CrackIT (Oliveira & Correia, 2013), FFA (Nguyen 
et al., 2011) and MPS (Amhaz et al., 2014). 


2.1 Convolutional neural networks 


In the last decade, deep convolutional neural networks (DCNN) have been developed for 
image classification and general object detection thanks to the developments in computing 
power and the large amounts of data supplemented by improved algorithms and large tagged 
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datasets such as ImageNet (Deng et al., 2009). A Convolutional Neural Network (CNN) is 
a multi-layer Artificial Neural Network designed especially to handle two-dimensional input 
data. Convolution Convolutional neural networks (CNNs) have more hidden layers and com- 
plex network structure than traditional machine learning methods. 

The idea behind a convolution is to study how a function acting on another function brings 
out a modified one. It is performed by doing element-wise multiplication between a kernel, i.e. 
a mask, and each sub-matrix of the original image matrix and sum the result into a single inte- 
ger or floating value. Then, a transformed or filtered matrix is obtained and converted back 
into an image. If the original image was a gray-scale image, each pixel contains values between 
0 and 255 which makes the computation easier compared to a color image with [RGB] triplets 
stored in each pixel. The kernel may be a function like the famous edge detection Canny 
(1986) algorithm, or one that sharpens or increases contrast between bright and dark regions 
of the image. The concept of convolution is depicted in Figure 1 where the upper left 2x2 part 
of an image is converted to a matrix and then convoluted to a reduced matrix 1x1. A simple 
convolution neural network model structure diagram is shown in Figure 2. It includes two 
convolution layers C, and C, and two sub-sampling layers Sı and S>. First the image is convo- 
luted by a 3-kernel filter and three feature maps are obtained in the S; layer. Then, the proced- 
ure is repeated with C, and S, layers, and the final output is vectorized and input into the 
traditional neural network. 


image kernel 
Lol of of | of 2| 1 
|o x| of a| 2 —> 
a o Pal ofo 


<a 


a Output 


a 


Figure 2. (a) Concept of convolution, (b) Simple CNN structure. 


In a crack detection sequence, after the image acquisition, a series of actions are performed 
in a linear fashion, in order to obtain the final estimation. A diagram of crack detection 
sequence is depicted in Figure 3. In that sequence, the CNN concerns the stage of image pro- 
cessing and the NN the stage of image segmentation. Pre-processing involves mainly the cor- 
rection of luminosity with the purpose to ease the cracking detection process by both reducing 
noise and enhancing the dark linear features. Post-processing concerns the re-assembling of 
the image parts. 


Image acquisition 


Pre- processing Image processing Image segmentation 
Parameter estimation Crack detection Image post-processing 


Figure 3. Diagram of actions sequence for crack detection based on image acquisition. 


Many CNN structures have been developed for the image processing of pavement, building, 
bridges and road fractures. Dais (2020) has tested numerous CNNs on masonry walls of his- 
torical buildings. They considered VGG16 (Liu et al., 2015), MobileNet (Howard et al., 2017), 
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MobileNetV2 (Sandler et al., 2018), InceptionV3 (Szegedy et al., 2016), DenseNet121 and 
DenseNet169 (Huang et al., 2017), ResNet34 and ResNet50 (He et al., 2016) as well as Dee- 
pLabv3+ (Chen et al., 2018), DeepCrack (Liu et al., 2019), and FCN based on VGG16 (Liu 
et al., 2017). These networks were used in the frame of transfer learning and gave a score F1 
between 79.6% and 75.4%. Yang, 2019 used pyramidal networks on road cracks. They com- 
pared five types, namely HED (Xie & Tu, 2015), RCF (Liu et al., 2017), FCN (Long et al., 
2015), CrackForest (Shi et al., 2016) and their own FPHBN. 


2.2 Selection of CNN 


The first important selection for this research was the selection of NN type for image segmen- 
tation. As presented in the previous paragraph the literature presents numerous possibilities. 
Further, the KERAS library contains about forty models that can be tested. 

In our research, five CNNs were selected for testing that belong to three types of architec- 
ture, namely U-Net, Fully Convolutional Network (FCN) and Feature Pyramid Network 
(FPN). U-Net and U-Net reduced, FPN, Linknet and DeepCrack in transfer learning mode. 
The basic architecture of U-Net can be found in Keras library documentation. It consists of 
two symmetric paths, one contractive and one expansive, thus forming a U shape, hence its 
name. 


2.3 Training of the CNN with crack images 


It is important to train the selected CNNs with one or more suitable image databases 
available. The objective is to be able to perform fast and accurate segmentation of 
images containing cracks. The task requires the training of the NN with a maximum 
number of images representing different situations. Five different databases were selected 
for this purpose: 


2.3.1 Crack_detection_CNN_masonry (Dais, 2020) 
This is database of 241 color images of 224x224 size in png format and 241 segmentation 
images (masks) of the same size and format. 


2.3.2 Crack500 ( Yang et al., 2019) 
This is a database of a total 587 png format images and masks in 640x360 sizes. 


2.3.3 Deepcrack (Liu et al., 2019) 
This is a public benchmark dataset with cracks in multiple scales and scenes to evaluate the 
crack detection systems. All of the crack images are manually annotated. 


2.3.4 Crack forest dataset master (Shi et al., 2016) 
This is an annotated road crack image database. It contains 157 images 320x420 and their 
segmentation. 


2.3.5 Data Maguire 20180517 (SDNET2018 ) 

This is a database of 230 images originating from bridge decks, walls and pavements cracks. 
Each image is segmented into 256 x 256 px sub-images labeled as C if there was crack or U if 
there was not. The final database contains 18K sub-images. 


3 SEMI-AUTOMATIC INSPECTION OF TUNNEL IN ATHENS METRO 


The Athens Metro construction began in 1992 from the Larissa Station. The first milestones 
in the construction progress include the arrival of the TBM at Syntagma Square in 1997 and 
the completion of the track laying related works for SYNTAGMA — SEPOLIA and SYN- 
TAGMA - ETHNIKI AMYNA sections and first partial opening of the System in 2000. 
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The implementation of new network extensions has continued and Line 4 is currently 
underway. The newer lines are expected to be in an excellent state, the older ones how- 
ever, are entering an era of more demanding inspection and maintenance. It has been 
decided to focus on the older construction parts of the Metro so as to be sure to include 
cracks in our images. 


3.1 Access, programming and timing of the inspection 


The timing of inspections and the state of the structure are correlated. The environmental con- 
ditions should be recorded as a routine part of any inspection. The current and recently pre- 
vailing conditions are important, e.g. the efficiency of the drainage system will be more 
apparent in wet periods and cracks may be more open in cold weather. The existing access 
opportunities should also be taken into consideration. For the case of a railway track, the 
tunnel would be some distance from the access point. For the case of avoiding disruption to 
other activities, inspection may be planned to coincide with other maintenance, repair or 
monitoring work. A touching distance inspection is required. Tunnel inspection for the 
Athens Metro, is currently performed by the personnel of the former Athens-Piraeus Railway 
Company STASY S.A. It takes place between 1.00 a.m. and 4.00 a.m. when there is no public 
using the rail. The crack inspection focuses on water presence, as mentioned earlier and it is 
performed in combination to other maintenance tasks. 


3.2 Crack repair strategies 


There are currently two main courses of action for the Athens Metro and they both fall under 
the hand-placed polymer modified cementitious materials. 


3.2.1 Dry superficial cracks 

Superficial crack repairs are carried out by sealing the surface of the crack to prevent 
the ingress of moisture and deterioration of the adjacent materials. These capillary type 
cracks and their surrounding area showing no sign of moisture are thoroughly cleaned 
with water or pressurized air from cement deposits, dust, soil, oils, grease, etc. Then, 
temporary surface sealing along the crack by a suitable material (epoxy paste, polyester 
putty, etc.) is followed by drilling holes directly in the crack and placing special nozzles 
(packers) for the introduction of the grout. The number, diameter, position and depth of 
the holes depend on the characteristics of the crack (length, width, depth). After the 
temporary crack seal has cured, the crack is filled by epoxy resin by pressure injection 
in successive layers, through the packers, starting from the lowest nozzle in vertical 
cracks or one edge in horizontal cracks until completely sealed. 


3.2.2 Superficial cracks with water flux 

These are leaking capillary type cracks that occur in structural concrete where there is 
no waterproofing system in accordance with specifications. After the intervention, the 
now dry cracks are sealed, according to the previous case. The concrete surface to be 
repaired is again thoroughly cleaned. For cracks that show tear-like leaks without pres- 
sure, a temporary surface seal along the crack with a suitable material such as fast set- 
ting hydraulic cement, is applied with a view to immediately stop the leak. If the cracks 
show leaks with high water pressures, polyurethane foam is first injected to temporarily 
seal the crack. Holes are drilled for grout injection on either side of the crack at an 
angle of 45° at sufficient distances from and between the crack and of suitable depth so 
that the holes penetrate the crack interface. Permanent sealing of the crack is effected by 
applying a suitable material (acrylic, polyurethane, or epoxy resin suitable for leaking 
cracks), injected under pressure through the packers. The material has adequate fluidity 
to be able to penetrate and cover all the voids and pores of the concrete ensuring the 
complete filling of the crack. 
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3.3 Image acquisition 


The station at Katehaki was selected for image acquisition for several reasons. It is a section 
of the Athens Metro that was constructed in 1995 and that is currently closely monitored and 
with newer geotechnical investigations and studies due to new line extensions. Further, the 
area combines two out of three types of construction used, namely Cut & Cover and Segmen- 
tal Lining with TBM, while the one missing is the Conventional Excavation that has been 
used in other areas of the network with more complex geotechnical profiles such as the tunnel 
that connects Syntagma to Monastiraki Station. The concrete used was C20/25, reinforced 
with steel S500 while the reinforcement cover was 60mm. The vertical (main) reinforcement 
bars were ®25 while the horizontal ®20/20mm. Three samples of the images taken are 
depicted in Figure 5. 


3.4 Segmentation of crack images 


The images were cut up in patches of 224x224 px with an overlap of 112 and then segmented 
by use of a NN. At the end of the procedure, the images were re-combined. The patch size 
was selected in order to fit all the CNNs selected to be used. 


4 RESULTS 


In this section, the performance of the five models is compared and summarized. The 
following metrics are used: Accuracy = TP+TN/M; Precision = TP/(TP+FP); Recall = 
TP/(TP+FN); Fl-Score = 2(Precision x Recall)/(Precisiont+Recall), where TP = True 
Positives, TN = True Negatives, FP = False Positives, FN = False Negatives and M is 
the number of samples. 


4.1 Validation results from the trained CNN 


All selected CNNs were trained with 80% and validated with 20% of the available datasets. 
Figure 4 contains indicative results from the training graded on their F1 score and Tables 2 
and 3 all related metrics. 


Re 


F1:96% / RE:99% 
R:92% 


PR:92 


Figure 4. Results from the trained CNN. 


Indicative results from the trained and validated CNNs for the Athens metro photo- 
graphs are contained in Figure 5. In the case of fine cracks in continuous concrete struc- 
ture and uniform illumination the results are satisfactory. However, in section of 
construction with pre-fabricated concrete segments and in the presence of efflorescence, 
more training is required. 
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Table 2. Train evaluation indexes. 


epoch Fl_score Fl_score_dil Precision Precision_dil Recall accuracy loss 


unet reduit 101 0.873 0.981 0.783 0.973 0.990 0.990 0.072 
unet 78 0.892 0.991 0.813 0.989 0.993 0.991 0.034 
fpn 112 0.765 0.951 0.645 0.942 0.963 0.977 -0.074 
linknet 57 0.710 0.833 0.587 0.763 0.948 0.969 0.168 
deepcrack 119 0.972 0.999 0.947 1.000 0.999 0.998 0.008 


Table 3. Validation results. 


Fl_score Fl_score_dil Precision Precision_dil Recall accuracy loss 


unet reduit 0.774 0.838 0.788 0.926 0.778 0.982 0.536 

unet 0.853 0.939 0.804 0.967 0.918 0.988 0.201 

fpn 0.712 0.824 0.720 0.971 0.735 0.976 0.091 

linknet 0.736 0.824 0.657 0.802 0.880 0.974 0.230 

deepcrack 0.874 0.926 0.855 0.959 0.901 0.990 0.284 
deepcrack linknet | fpn unet unet reduit | Original 


-+ 


Figure 5. Indicative results from the Athens Metro crack pictures. 


5 CONCLUSIONS 


The first main stages for the rehabilitation of damaged concrete structures are currently 
performed by skilled personnel and include registration of the state of the structure and 
determination of the causes of damage. Optical recognition of common defects in tunnels 
includes cracks in various patterns, spalling, pop-outs, efflorescence, staining, delamin- 
ation, honey-comb and leakage. 

The advances in neural networks and image segmentation have provided tools for the auto- 
mation of maintenance in concrete underground structures. In the case of the Athens metro, 
the implementation of these techniques by use of U-Net/reduit, FPN, LinkNet and Deep- 
Crack has shown great potential. It has also been shown that further training of advanced 
CNNs is generally required to cover for specific factors such as type of construction, illumin- 
ation and environment. 
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ABSTRACT: Compressible linings can be the solution for deep underground tunnels with 
differed mechanical behaviour. That is the case for the geomechanical response to excavation 
prevailing in the mid-level of the Callovo-Oxfordian (COx) claystone formation where Cigéo 
(the French Deep Geological Repository) will be implemented. In order to optimize the lining 
thickness, Andra studies different compressible solutions. An ongoing qualification process was 
set out, starting from the qualification at the product properties level until reaching the imple- 
mentation phase in an experimental tunnel. The article presents the ongoing program, where 
qualification is twofold: scientific and technological. The solution concept has to prove that 
elasto-plastic behaviour remains uncompromised in a lining at full scale at while answering 
technological requirements at the different conception stages. A higher level of robustness was 
proposed by Andra and its partner University Gustave Eiffel (France), using a surface “acceler- 
ator” ring loading test system. This unique experimental device allows different loading simula- 
tions of long-term Cigéo interface behaviour, on different compressible full rings solutions (6m 
diameter). These loading tests confirm the long-term compressible behaviour of the rings and 
provide data to consolidate specific behavioural law modelling. The positive outcomes of this 
technical process will provide “elements of proof” of the robustness of the compressible lining 
designs forecast for Cigéo. 


1 INTRODUCTION 


1.1 Background 


Clay formations in their natural state exhibit very favourable conditions for the repository of 
radioactive waste, as they generally have a very low hydraulic conductivity, small molecular 
diffusion and significant retention capacity for radionuclide. That’s why Andra has been 
studying the Callovo-Oxfordian claystone (Cox) as a possible host rock for radioactive waste 
disposal since the 1990’s. This was followed by the construction of an underground research 
laboratory locally (called the MHM URL) starting with shaft sinking operations in the year 
2000. The first phase of Andra’s general research program was aimed at proving the feasibility 
of a reversible deep geological disposal of radioactive waste (HLW, IL-LLW). 

Starting in 2006, the research program became more dedicated to technological adaptations 
and improvements and the (multiscale) demonstration of the different issues present in the 
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various underground disposal components (drifts, seals, disposal cells and vaults), in a way to 
answer the “technological readiness level” (TRL) scale, and to confirm the robustness of the 
proposed concepts. 


1.2 Observed hydro mechanical behaviour of the Callovo-Oxfordian claystone (COx) 


Geomechanical analysis confirmed an anisotropic stress state at the level of the MHM URL, 
(Wileveau et al., 2007). The major stress (oH) is horizontally oriented at NE150°. The vertical 
stress (ov) is nearly equal to the horizontal minor one (ch). The ratio oH/ch is close to 1.3 and 
varies with depth and the rheological characteristics of the respective layers. Armand et al (2013) 
described the excavation induced fracture network observed around the drift at the main level of 
the MHM URL and shows that the fracture pattern and extent depend on the drift orientation 
versus the in situ state of stress. This excavation induced fracture network is more developed in 
the vault and counter vault for drifts parallel to oH and in the wall for the ones parallel to oH. 
Anisotropic convergences are observed in all drifts (Armand et al 2014). The differed behaviour 
of the COx has remained present for over 20 years (shaft behaviour ref), convergence is still evolv- 
ing on the loose linings, and deformations have not stabilised on the rigid linings. 


Figure 1. 3D architectural view of the industrial centre for geological disposal (Cigéo). 


1.3. Cigéo drift design requirements 


Figure | shows a 3D architectural view of Cigéo which outlines the different underground con- 
struction methods to be employed (full face, retractable TBM, as well as conventional tunnelling 
methods (CTM)). The main underground disposal area will be split into two parts dedicated to 
two different families of waste packages calling IL-LLW and HLW, which will be placed inside 
9 to 11 m outer diameter vaults and steel cased micro tunnels of 0.7 m internal diameter respect- 
ively. Both excavation methods and final lining design must ensure the integrity of future func- 
tions and requirements, particularly those linked to operational activities, retrievability over 
a possible 100-150 years, and post closure safety requirements. 


1.4 Compressible lining solution: MHM URL feedback to Cigéo application 


A step-by-step approach is carried out in the MHM URL, based on comparison of HM behav- 
iour of parallel drifts excavated/supported by different construction methods (Armand et al, 
2015). These various configurations give insight of the influence of various construction 
methods on the excavation damaged zone (EDZ) extent and evolution and also on the progres- 
sive loading of the structural support, which are key issues to design and select the most suited 
excavation methods and lining for the appropriate Cigéo structure. One of the analysed factors 
is the support’s rigidity, that is why “flexible” support up to rigid support was put in place. 

First MHM URL compressible elements feedback is based on two experiments: compressible 
wedges elements (hiDCon®) in the shotcrete primary linings (CTM method), and as 
a compressible grouting mortar (DeCoGrout/Compex) for the prefabricated elements rings 
backfills (TBM Method). 


2582 


Lining monitoring confirms the impact of the compressible elements on the final support 
loading. Compressible elements capped the transmitted stress due to rock convergence as long 
as the compressible potential of the element is still active. In parallel integrating compressible 
elements on Cigéo linings, shows a big reduction of concrete structures thicknesses as well as 
more suitable construction methods, lining stresses and strains evolution. For instance, a first 
structural pre-dimensioning of the IL-LLW vault liner composed of compressible arch segments 
provides the following figures: a layer 20cm of compressible material covering a 45cm thick con- 
crete segment, i.e. a significant saving by reference to the “classical” structure (100cm). That’s 
why Andrea is studying since 2014 different technological solutions of compressible elements, 
integrated on the support or final linings, and for both excavation methods: CTM (Conven- 
tional Tunneling Method) and TBM (Tunneling Boring Method). The first challenge is to have 
an elastic behaviour allowing the set-up of the compressible element on the structure. 
The second challenge is to make sure that the compressible material will effectively stay in the 
“Plastic Plateau Zone” (cf. Figure 2) during the requested lifetime of the structure (retrievability 
must be possible over some 100-150 years). The high porosity of the chosen materials conducts 
to an important compressibility without increase of the normal stress. It is therefore important 
to characterize these materials as per the deformation due to rock convergence. 
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Figure 2. Conceptual behaviour of a compressible material. 


2 STUDIED COMPRESSIBLE SOLUTIONS FOR CONVENTIONNAL 
EXACAVATION METHODS 


2.1 Initial positive feedback: “flexible supports” 


Three “flexible” primary supports (Figure 3) were tested in the MHM URL, the concept aim 
to allow the convergence of the ground with the application of a minimum acceptable lining 
confinement. The three tested primary linings (shotcrete with sliding arches, shotcrete with 
grooves, or shotcrete with integrated compressible wedges) shows positive feedback in term of 
construction and behaviour. 


hy alee 


Sliding arches Groove creation Compressible wedges 
Figure 3. Three “flexible” primary support tested in the MHM URL. 
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This integration of flexible elements extends the lifetime of the primary lining, as stresses and 
strains are caped on the shotcrete, result that optimizes the future final lining thickness (due to 
a longer time grouting delay). Actual MHM URL feedback show a better techno-economical 
adaptation of the compressible wedges technique when final lining should be grouted. 


2.2 Actual studied solutions: Compressible element integration between primary and 
final lining 


In addition, Andra is studying the solution of implementing compressible elements in the 
entire circular interface between the primary support and final lining. The idea of that second 
integration consists on caping the radial loading applied on the final casted lining, by absorb- 
ing the convergence of the primary lining. The characteristics of this compressible layer 
(material specification, geometry, and integration strategy) is studied on the ongoing MHM 
URL program. One of the solutions consist in the integration of compressible panels, after 
a first period of many months where the flexible lining absorbs a significant part of the con- 
vergence, and just before settling the formwork of the final lining. 

A multi-scales program was deployed to analyse the technological feasibility as well as the 
targeted mechanical behaviour. The compressible behaviour on the material level was firstly 
compared, as well as the initial chemical adequation. Three products were tested on the panel 
level by conducting on a surface laboratory (LamCube Lille) different loading configurations 
simulating the integration of the panel or its long-term behaviour. 

Afterwards a surface test simulating the lining of a 5m diameter mid tunnel section was set- 
tled, the aim was to simulate the technological feasibility of the panel solution. A primary 
shotcrete lining of 20cm was projected, the compressible panels were fixed considering the pro- 
ducer recommendation as well as the laboratory panel test feedback, and a final lining of 
50cm was poured on a lateral transparent formwork (Figure 4). 


Figure 5. Drift scale panel integration test. 


The panel integrity was analysed in all the test sequence (including delivery, fixation, and 
pouring). A test was conducted for each of the three panels product. Panels characteristics, 
and fixation were studied and optimized for a tunnel use. 
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Later on, a demonstration was settled on a 5m diameter 15 m length drift in the 
MHM URL. The integration of the panels was done by Eiffage. The three products 
were used, curved and/or trapezoidal panels were used. Anchors, injection points, fiber 
nets were integrated in some products. Panels were fixed and injected or glued with 
a sprayed product (Figure 5). The challenge was to study the adaptability of the solution 
to integrate the different tunnel workshop sequence, while following a more industrial 
fixation process (automatic panel handling hand, fixation, injection, spraying workshop). 
In parallel an analysis of the geometrical error of positioning, void, future final loading 
error was analysed by panel type. Afterwards, one of the used products was selected to 
cover a 9.6m diameter with 40m in length, where a 50cm final lining will be grouted 
(2024). That multi-scale panel example will be compared with other solutions (techno- 
economical and adequation criteria). 


3 STUDIED COMPRESSIBLE SOLUTIONS FOR TBM 


3.1 Initial positive feedback: Compressible backfill grouting 


A TBM with a road header excavation was tested in the demonstration program of MHM 
URL (Carraretto 2015). On the first excavated drift following the horizontal major stress, two 
types of backfilled mortar were used (45m length each); a classical and a compressible mortar 
with polystyrene beads (DeCoGrout/Compex product of the partnership between Hochtief AG 
and Schretter & Cie). The compressible mortar mechanical behaviour describes an elasto-plastic 
behaviour (Figure 6) with an elastic resistant limit up to 1MPa, followed by a 45% of compress- 
ible behaviour. The grout formulation was studied in order to answer the TBM requirements in 
term of injection process, and excavation sequences (segment sockets size, injected volume, time 
delay between formulation/injection/hardening, homogeneity, and compression of the beads due 
to the injection. ..). The comparison of the two kinds of mortar confirmed the interest of using 
a compressible solution (Figure 7). After 8 years of monitoring, lining on the compressible zone 
mortar are like half loaded then the one’s of the classical mortar. 
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Figure 6. Oedometric tests on the compressible grout. 


3.2 Actual studied solutions: Two-layer compressible prefabricated lining. 


Encouraged by the positive MHM URL feedback of an injected compressible backfill grout 
through the segments lining, different solutions are since being studied. They aimed to apply 
with different processes/materials a highest homogeneous compressible layer on the segment 
extrados, before delivering the prefabricated element to the TBM ring erector. Two will be 
presented in this paper: “VMC”, and “VAP” Solution. 

The VMC solution (CMC & Andra pendant) is a precast arch segment, with a compressible 
layer on the extrados added directly after pouring the reinforced concrete (Figure 8). The 
outer compressible layer is covered and protected by a thin layer of mortar (Bosgiraud et al. 
2017). The compressible layer is made from agglomerated shells that are a ceramic material, 
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Figure 7. Evolution of the corrected circumferential strains (strain, negative in compression) on the 
extrados of the A42 ring (classical mortar backfill zone) and A62 (compressible mortar backfield zone). 


produced from the host rock clay (COx) excavated at the MHM URL. They are composed of 
baked crushed clay elements that are tube-shaped thus increasing the void ratio of the mater- 
ial. The shells are agglomerated (“glued”) by a cement grout to offer the targeted resistance 
and workability during installation. 

A multi-scale demonstration program is ongoing concerning that solution. Mechanical and 
technological feasibility was study on an upscaled level (Figures 9 and 10), starting from the 
level of the shell, the agglomerated layer, the precast element, a full ring, up to the excavation 
and the monitoring of a 45m TBM excavation drift using VMC elements (Zghondi et al 2018). 
The “VMC” solution consists in adding the compressible layer while prefabricating the seg- 
ment. That layer is made of COx ceramic tube shells, agglomerated by a cement grout. 

The VAP solution (Figure 11) consists in adding prefabricated compressible multi-blocks 
on the extrados of a ready segment lining. The studied blocs are made from prefabricated void 
in ceramic or concrete blocks “VAP”. 

Mechanical targeted behaviour respect firstly an elastic limit stress of about 1MPa, followed 
by a plastic behaviour with a minimum of 45%. Both presented solutions were qualified on 
the material scale and are actually being produced to cover different complete rings, which 
can permit a qualification on the segment and ring level. 


Figure 8. VMC compressible prefabricated element. 


Figure 9. Mechanical tests on the shell level, and agglomerated shell level. 
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Figure 11. VAP concrete and backed clay solution, and foam concrete. 


4 LONG-TERM ROBUSTNESS DEMONSTRATION 


The full-scale construction using VMC compressible segments on the MHM URL prove 
technological feasibility of the compressible solution. More time is needed to describe the 
long-time mechanical evolution of the compressible lining. To provide a higher robustness, for 
the long-term behavior of the compressible solutions, Andra has developed with its partners 
adapted simulation law, as well as a surface full scale ring loading “accelerator” test. Only the 
isotropic loading tests will be presented on that paper. 


4.1 A surface full ring accelerator loading program 


Description of the setup: The aim of the test ring developed by Andra and its partner 
EMGCU lab University Gustave Eiffel (France) is to reproduce different loading simulations 
of long term Cigéo host rock/ring interface behaviour. One of the main components of the 
setup is a prestressed concrete ring acting as a support structure able to contain the loads 
caused by the test (see Figure 12). The concrete is prestressed by ten cables of 12 coils T15. 17t 
of tension is applied to each coil, comprising 2040t across all the cables. This support structure 
has an 8,10m inner diameter with a 1m? concrete section which represents around 20MPa per- 
manent compression. 


Tunnel arch 
sequent Spread plate 


Figure 12. Photo and plan of the setup. 
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Twenty actuators with a 500t capacity are fixed all around the support structure (see). The 
maximum displacement for each actuator is 150mm. A load cell developed in EMGCU lab is 
installed at the tip of each actuator. A spread plate (see blue elements on Figure 12) is installed 
between the tested tunnel arch segment and the actuator load cell system. These plates allows 
surface loading on all the arch segments which represents the various loading applied by the 
surrounding host rock. The control system of the actuators allows either a force-controlled or 
a displacement-controlled monitoring. Therefore, isotropic or anisotropic loading with a ratio 
between 1 up to 1.5 can be applied. The tested tunnel rings is the same used on the VMC dem- 
onstration CMHM URL drift, with a 6m outer diameter, 0.8m depth, 0.58m width and 
a compressible material layer of 13cm thickness. A conservative experimental strategy was 
applied using 150 sensors: 


— Sensors inside the tunnel arch segments including; vibrating wires with strain sensors and 
pressure sensors; the compressible material layer is equipped with potentiometer sensors in 
order to measure the layer’s displacement. 

— Sensors outside the tunnel arch segments including: load cell and displacement sensors for 
each actuator, displacement sensors at the interface between arch segments, measurement 
of the diameter, gauges on the support structure to verify its integrity. 


Experimental program: The first actual VMC test program includes six rings in order to test 
various convergence ratio representing different stages and conditions of the tunnel’s life. The 
chosen anisotropic ratios represent mechanical interaction over different time frames of up to 
100-150 years. A ring without compressible material layer will be also tested to identify the 
mechanical benefit of the compressible layer. Different compressible full ring solutions will be 
tested at a later stage. 


4.2 Main results 


The first tests on tunnel arch segment rings showed a good operation of the setup developed 
in EMGCU lab. Test on real size tunnel ring can be operated safely. Test can be run with 
isotropic or anisotropic loading; the anisotropic ratio can vary from 1 up to 1.5. The max- 
imum applied load per actuator is 3500kN. The compressible material layer seems to be play- 
ing its part to the full (Figure 13). The performances of the actuator controlling system are 
quite satisfactory. A comparison between the measured and the theoretical speed (1mm/min) 
of the actuators for a isotropic loading and anisotropic loading shows respectively a 2.8% and 
2.3% standard deviation are obtained respectively for the isotropic and the anisotropic 
loading. 


(b) 


Figure 13. Photos of the tested tunnel arch segments (a) after the loading (b) after uninstalling the 
spread plates. 


The obtained results are indeed in agreement with the oedometric measurements conducted 
previously on this compressible material layer, proving its plastic potential. Figure 13 shows 
the state of this layer at the end of the typical test. Stress and strain measurements on the 
reinforced concrete of the rings didn’t exceed the acceptable design limit, and no structural 
crack was observed. 
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Figure 14. Compressible behaviour of the loaded VMC ring (orange/red curves) Vs oedometric tests. 


Figure 14 describes the deformation behaviour of the VMC loaded ring (red and orange 
curves), it concerns the first full instrumented loaded test where isotropic convergence was 
applied. The total presented deformation includes the compressible behaviourof the layer, the 
ring interface movements, as well as the reinforced ring deformation. 


5 CONCLUSION 


The multi-scaled analysis confirmed the compressible layer behaviour. The construction with 
CTM or TBM of drifts integrating compressible elements proved to be feasible and potentially 
adaptable to industrial production on the drift level. 

The full ring surface test will confirm the long-term behaviour for different compressible 
solutions. Results will provide more data to consolidate the specific behaviour law modelling. 

The different studied solutions will permit Andra to dispose of a panel of compressible solu- 
tions for both excavation methods. Those solutions will integrate later a multi-criteria analysis 
comparison in a way to respond to a potential use for Cigéo structures. 
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ABSTRACT: The risk of TBM jamming because of squeezing rock mass or excessive caving 
(instability of the cavity) conditions is always a focal point while boring long and deep tunnels 
with shielded TBMs. Mechanized excavation provides a large amount of real-time data, for 
each machine’s parameters. Several analyses have been executed to assess the correlations 
between different sets of TBM parameters for the exploratory tunnel. Instead of analysing the 
full dataset, a different approach is proposed, with data processed sequentially to simulate the 
real excavation situation. The probability distributions are recalculated together with their 
statistical parameters while advancing. This approach is extended also to the training of 
a Machine Learning model able to foresee the behavior at future rings based on past rings 
(using a Recurrent Neural Network). The predictions show a promising first step toward cre- 
ating practical tools that can assist contractors and designers to correlate and predict TBM 
excavation data. These tools will assist to predict and quantify high risk situations that could 
arise during excavation. 


1 INTRODUCTION 


1.1 Project description 


Brenner Basis Tunnel (BBT) lot Mules 2-3 project is under construction by the Joint Venture led 
by WeBuild, Ghella with Pac and Cogeis. Project layout is widely described in literature (Citarei 
et al. 2020) and include 65 km of complex underground excavations. Focusing on mechanized 
excavation northbound, three double shielded TBM’s were used, for a total excavation length of 
approximately 14 km each. The exploratory tunnel TBM (Ø 6.8 m) preceded the excavation 
of the mainline tunnels, performed by the other two largest TBM’s (Ø 10.7 m), and it is the focus 
of the current study. The geomechanical context is particularly complex and heterogenous, char- 
acterized by the presence of fault zones, poor rockmass conditions, and squeezing rock masses. 

While advancing with the exploratory tunnel, some exceptional shield jamming events 
occurred. Record of said events allows us to match them with TBM data. In December 2021, 
the Exploratory Tunnel TBM, named Serena, completed her race at the Italian/Austrian 
border. 
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Figure 1. (a) 3D view of the cutterhead by Herrenknecht (b) Final excavated tunnel face. 


1.2 Geological overview 


The Brenner Basis Tunnel crosses the central part of the Eastern Alps and encompasses the 
tectonic nappes involved in the collision between the European and the African plates, thanks 
to the presence of the huge antiform fold coinciding with the Tauern Window. 

The Tauern Window is divided into two different nuclei, the Tux at the North and the Zil- 
lertal at the South and is constituted by a core of so-called Central Gneiss with its Mesozoic 
cover sediments. 

Upward, the Central Gneiss and its cover are wrapped by the complex of the Penninic nappes, 
mainly calcschists and ophiolites. These are rocks of oceanic origin, over thrusted above the sub- 
penninic nappes during the subduction phase. At both edges of the Tauern window, there are the 
Austroalpine nappes, once constituting the Adriatic (African) continental border. 
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Figure 2. BBT Lot Mules 2-3 as-built geological profile according to the JV (Pescara et al 2020). 


1.3 Geomechanical data 


Geomechanical data are collected during geo-structural surveys carried out at the tunnel face from 
the openings in the cutter head. The collected rock mass parameters are mainly RMR, GSI, and 
UCS. Figure 3 shows only the distribution of the RMR along the geological profile crossed by the 
Exploratory Tunnel (ET), the East Main Tunnel (EMT), and the West Main Tunnel (WMT) all 
driven northbound. The RMR for different tunnels at same chainage can be very different. 
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Figure 3. RMR distribution along the alignment and geological profile according to the JV. 


RMR distribution for main macro lithologies is given in Figure 4, where a simplified splitting 
of a more complex model is introduced for the purpose of this paper. The wide and highly vari- 
able distribution within the same lithology underlines the great heterogeneity of the rockmass. 
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Figure 4. Statistical RMR distribution split among macro lithologies (ET, WMT & EMT overall values). 


2 ANALYSIS OF TBM KEY PARAMETERS 


Key Performance Indicators (KPI) are recorded continuously during TBM excavation through 
an automatic acquisition system at intervals of 3 seconds. KPI trend is well explained in Maggio 
et al. (2022). In this paper, the analysed parameters and the presented output are aggregated for 
a single excavated ring to manage the massive amount of data recorded from the machine. 
Hereafter are listed some of the KPIs relevant for the understanding of the machine behaviour: 


— Thrust Force [kN] (TF), — Advance Rate [mm/min] (AR), 
— Torque [MNm] (T), — Penetration Rate [mm/rev] (PR), 
— Rotational Speed [r.p.m.] (RPM), — Specific Energy [MJ/m3] (SE). 


Other relevant parameters are the ones obtained from the machine monitoring system such 
as the quantity of excavated muck material, shield pressure cells, and extensometers for shield- 
rock gap measurement. The main characteristics of TBM are listed in Pescara et al. (2020). 
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Figure 5. Exploratory Tunnel - Scattered plot between TBM keys parameter and RMR values (<20 
cut-off). 


The statistical distribution shown in Figure 5 allows us to appreciate an empirical correl- 
ation between the RMR and the main KPI, mainly applicable to this project. Part of the geo- 
mechanical information is therefore intrinsically contained within the same machine 
parameters. Having completed the as-built geological profile for ET (Pescara et al 2020) all 
the criticalities encountered during excavation are available for post-processing and interpret- 
ation. Hereafter we focus on the possibility to detect signals of potential risk for TBM excava- 
tion and trying to quantify it a few meters ahead. Due to the high heterogeneity of the 
rockmass most of the risks raised suddenly. 


2.1 “Moving statistics” and current distribution 


For each KPI, we can populate the distribution sequentially, thus simulating a real excavation 
situation. If we consider the statistical parameters of the last 1000 rings, we may be able to 
guess that an anomalous situation is arising by comparing the most recent values to the distri- 
bution sampled up to that point. The following statistical analysis is based on this concept. 

We, therefore, define the Current Distribution for a KPI as the statistical distribution of its 
most recent measurements. In this case the last 1000 measurements. 
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Figure 6. Example of the same quantity (Torque) Current Distribution, for different tunnel stretches. 


2.2 Evaluation of standard score on multiple TBM parameters 


Once we have collected the TBM key parameters and the Current Distribution for each of them, 
we can calculate the real-time deviation from the mean value. The greater the distance from the 
mean value, the higher the risk that TBM is crossing unexpected geostructural conditions. 

For each KPI x, we define the Standard Score z, as in Equation (1): 


|x — ul 
eye 1 
z o (1) 


with u=mean; o=standard deviation of the KPI Current Distribution. 

It is important to stress that z is a function of the tunnel position (whether expressed in 
“rings” or in chainage meters). Since we are interested in anomalous behaviour, we can disre- 
gard the standard score values lower than two (i.e., all TBM parameters measurement within 
2 standard deviations from their current mean). 

For each KPI we have then a Standard Score function of the chainage (or the ring): 


a a if |x — u| > 20 
a= { 0 otherwise ` (2) 
The Sum of Standard Scores (SSS) can then be defined, by adding the standard score for each 
KPI. In Figure 7 we can see how the Sum of Standard Scores varies along the alignment. The 
background has color-coded accordingly to the level of caving recorded during excavation and 
judged by the JV geologist. Spikes of the SSS matches most of the zones of higher caving level 
(global instability) encountered during the excavation or emphasize the change of lithology. 
This is the first candidate for a monitoring quantity, that can hint to future critical behavior. 
By looking ad Figure 7, it can be noticed that often there is a sort of build-up to the spike of our 
Score. This lead us to believe that some of the critical situations recognized by human intepreta- 
tion can be noticed statistically with some degree of confidence with this back-analysis. 
The goal is to predict each KPI trajectory in the next couple of rings and progressively see how 
past prediction diverge from real measurements, signalling possible problems. Next chapter will 
show the results with quantities prediction 4 rings before with Machine Learning application. 


3 MACHINE LEARNING METHODOLOGY 


This work is based on following concept: Machine Learning (ML) techniques train their 
models on ‘healthy’ behaviour to develop a model of ‘normality’ from which anomalous 
behaviour may then be inferred (Sheil 2021). 

Moreover, we deviate from the norm by dynamically generate a moving training set to better 
reflect the fact that the statistical distribution changes while advancing with the excavation. This 
is a consequence of the Current Distribution concept described in the previous paragraph. 
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Figure 7. Sum of standard scores (2 2) for all KPI’s. 


3.1 State of machine learning applied to TBM data 


With the increase of computational capabilities and thanks to the availability of enormous 
amounts of data, Artificial Intelligence methods, in particular Machine Learning (ML), have 
been proposed over the years to analyse TBM performances. For a recent review of the ML 
implementations related to the prediction of the penetration rate refer to Gao et al. (2021). 


3.2 Architecture and pre-processing 


Our choice of architecture is dictated by the need for a multistep-ahead prediction. We opted 
for a type of Recurrent Neural Network (RNN): a Long Short Term Memory (LSTM) archi- 
tecture, Hochreiter and Schmidhuber, (1997) 

We want to predict the future value for each relevant KPI (see Chapter 2) at any given ring 
Figure 8(a). We then treat every quantity (TF,T,RPM,AR,PR & SE) as a feature to be pre- 
dicted, and for each of them we construct a Neural Network (Figure 8(b)) that uses the know- 
ledge of the past 12 rings to predict the next 4 rings. Every ring we have the forecast next 4 
values of the relevant quantities, i.e. 6 arrays of 4 values. 
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Figure 8. a) Schematic drawing for the LSTM architecture. b) LSTM network architecture 4 neurons 
when predicting a sequence of values (in our case: the next 4 rings). 


The pre-processing of the data has been done first by removing outliers (all values outside 
six standard deviations from the mean), by applying a Power Transform, in this case the Yeo- 
Johnson transform (Yeo, 2000) and then a zero-mean, unit-variance normalization. 


3.3 An alternative approach: Progressive retraining 


We believe that geological information is encoded in TBM readings, and we have shown how much 
the changing in geology alters the machine parameters. Contrary to the paradigm of training a 


2597 


prediction model on a large dataset before the application, we try a different route. While the TBM 
advances, we retrain the model incorporating all recent rings and, implicitly, the changes in geology. 

We set aside the geological information only temporarily, aware of the fact that for an 
adequate understanding of the TBM behaviour one cannot ignore the analysis of the rock itself. 

We start with ring 200 with a small distribution, and then the weights of the LSTM neural 
network are retrained every 50 rings. The training set grows until it is composed by 1000 
rings. From there on, at each retraining cycle, a past portion of the dataset is dismissed, so 
that only the last 1000 rings are considered, and the dataset undergoes the pre-processing pro- 
cedure described in paragraph 3.2. There is no change to the hyperparameters at each retrain. 

For each ring of simulated advancement, we apply the most recent version of the algorithm 
and predict the next 4 rings, storing the result. 


4 EXPERIMENT ON TBM PARAMETERS PREDICTION 
The results reported in this section are mostly related to the prediction of Torque and, to 


a lesser extent, Penetration Rate. For these two KPI’s, we managed to better tune the architec- 
ture and hyperparameters, hence obtaining the absolute best results. 


4.1 Prediction 


The prediction versus real value of Torque and Penetration rate are respectively in Figures 9 
and 10. The overall trend is the same in both prediction and real value, while extreme values 


are, as expected, rarely reached by the prediction. 
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Figure 9. Prediction Torque compared to real measured value (above), difference between the two (below). 
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Figure 10. Prediction PR compared to real measured value (above), difference between the two (below). 


Because of our hybrid train/test procedure, the usual metrics such as determination coeffi- 
cient (R*) or the Mean Absolute Error (MAE) are referred to smaller sets of values pairs. In 
Figure 9 the evaluation metrics, calculated on the Current Dataset before the new retraining 
cycle, even if calculated in the worst-case scenario, are still acceptable. 
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Figure 11. Torque prediction: metrics for the previous 50 rings, at the end of each cycle (before retrain- 
ing). Above the determination coefficient (R°), below the Mean Absolute Error (MAE). 


The commonly used metrics for the goodness of a predictive algorithm are summed quantities and 
provide a global and averaged interpretation. We are far more interested in the local reliability of the 
predictive algorithm, treating large discrepancies as positives if they happen to match a critical event. 

In Figure 12 gives a closer look to Torque prediction in a smaller section of the tunnel. 
Similarly, to the figures in Section 2.2, the background has been coloured differently accord- 
ing to the risk measured (afterwards) in that point. The discrepancy between prediction and 
true value explodes in correspondence to the two elevated risk zones (red background). The 
other points show a reliable prediction, with some regions with very low error. 
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Figure 12. Zoom on Torque prediction on a smaller interval. The color-codes in the background indi- 
cates three different zones of caving risk recorded: with green no risk, yellow mild risk, and red high risk. 


4.2 Machine learning discussion 


The choice to retrain the algorithm frequently, with an everchanging training dataset that “follows” 
the advancement is a direct answer to the following consideration: the data that are continuous 
and objective are the Tunnel Boring Machine readings, while the geological information is either 
discrete and subjective. It is nonetheless undeniable that the machine data are heavily affected and 
therefore indicators underneath geological variations. Hence the idea to disregard data that are 
“too far away” in the process of retraining since they are not representative of the TBM state. 

By choosing a multistep-forward prediction (4 rings) we also avoided the “echoing effects”, 
or naïve prediction mentioned in (Erharter 2021), since our algorithm does not predict only the 
next ring, but the next 4, making harder to the neural network to simply replicate the last result. 

The results of these work are only preliminary and a lot of hyperparameters tuning is 
needed to obtain satisfactory results for all the KPI’s and test on different datasets is certainly 
needed. But the overall paradigm of this self-contained progressive retraining seems 
a particularly good candidate for future applications in mechanized excavation. 


5 CONCLUSION 


TBM excavation provides a significant amount of data to be analysed. This wealth of infor- 
mation data is becoming increasingly object of studies by industry experts, who are discussing 
regarding the best computational approaches for the application of Machine Learning. 

The analysis conducted on practical cases highlights how this anomalous behaviour that 
precedes actual or potential blocking phenomena is sudden, causing the machine parameters 
to deviate significantly from regular behaviour within few meters. 
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The combination of the Standard Score of the KPI in real-time allows to quickly visualize 
the superimposition of the effects that can lead to an actual or potential block. 

From a practical point of view this visualization capability that combines Standard Score 
and an LSTM architecture-based prediction of the KPI deviation from “healthy behaviour”, 
approximately 4 rings in advance, could assist contractors and designers in the decision- 
making process by providing dynamic alert limits for TBM driving parameters. 

Considering the fundamental importance of the time factor and the decisions that precede 
a potential block phenomenon in long and deep tunnels (WG n°17, 2017), exceeding a certain 
critical threshold could activate processes aimed at reducing the risk of blocking. 

For the next generation of smart guided TBM, the following possible countermeasures 
could be introduced timely and in a semi-automatic way based on the proposed study: 


— dynamic variation of the cutterhead overcut (squeezing); 

— shield lubrification by bentonite injections for friction reduction (squeezing); 

— dynamic reduction of bucket openings in the cutterhead (caving); 

— cutterhead rotational speed reduction (caving); 

— stop timely TBM for ground improvement and treatment (face instability); 

— alert belt maintenance teams for the evacuation of excess excavated muck (caving); 
— supply timely TBM with heavily reinforced segmental lining (squeezing/caving); 

— shift modification to overcome the criticality encountered (squeezing/caving). 


It remains indisputable that in a context of high complexity as mechanized excavation, 
human decisions cannot be replaced entirely (in the medium/long term) by Artificial Intelli- 
gence and Machine Learning. And yet, despite not having obtained exhaustive and definitive 
results, we believe this study represents a significative starting point toward the definition of 
practical predictive tools to aid human decisions. The research activity continues by the 
authors for future technical papers and practical applications on next TBM excavation pro- 
jects to increase the reliability of these predictive tools. 
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ABSTRACT: Tunnel segments for large traffic tunnels are subject to the highest quality 
standards in the concrete precast industry. Given their large dimensions, it is inevitable that vari- 
ous defects occur during production or transportation. This paper presents a novel approach to 
the quality control of the segments at the latest possible location inside the tunnel boring 
machine (TBM) before the final ring erection. An artificial intelligence (AI) based computer 
vision (CV) software was developed to check images of the segments, with the images being col- 
lected by four cameras inside the TBM. The system “segment check” is able to detect missing 
dowels and misplaced seals, as well as cracks and spallings. By adopting various AI-based 
image processing modules, this work is on the forefront of applying AI in the tunnelling world. 
Results show high accuracy for a 3D pose estimation network of the segment, as well as for the 
segmentation and classification networks which are used to perform the quality inspection. 


1 INTRODUCTION 


Tunnel segments for large traffic tunnels are subject to some of the highest quality standards in 
the concrete precast industry, as their structural integrity and water resistance must be guaran- 
teed for increasingly longer periods. However, given their large dimensions, it is inevitable that 
various defects such as cracks, spallings, missing dowels or misplaced seals occur during produc- 
tion or transportation. Segments are typically controlled, inspected and documented at several 
points from production until the final erection inside a tunnel boring machine (TBM). However 
inside the TBM, inspecting comes with many challenges: such as a general lack of space, the 
difficult conditions underground with excavation materials, chemicals and water in the sur- 
rounding environment, and — crucially — the higher risk underground labour conditions. Com- 
bined with the skilled labour shortage in tunnelling (Buddoo 2021), this higher risk especially 
motivates TBM producers to automate as many tasks as possible in the building process. Here, 
the long term strategic goal is a fully-automated excavation process (Peinsitt et al. 2020). 

The following work supports this strategy directly and presents a novel approach to the qual- 
ity control of the segments at the latest possible location inside the TBM before the final ring 
erection. In doing so, the system, hereinafter referred to as “segment check”, ensures that no 
defective parts are installed into the tunnel ring. The quality control works fully automatically 
and thereby supports the automation efforts of the industry. Furthermore, it contributes to the 
scientific research in the field of tunnelling by applying artificial intelligence (AI) based methods. 
By doing so, it is one of the first works in the field which applies the recent major advances in 
AI research in the field of informatics, which have been enabled by increased computer power, 
the ready availability of large datasets, and the progress of neural network designs. 
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2 ENVIRONMENT & SYSTEM POSITIONING IN THE TBM 


In modern traffic tunnelling, TBMs are the gold standard for the construction of long 
tunnels built to shorten journey distances of any kind — whether later used for car, train 
or metro traffic. TBMs are used not only for the excavation of tunnels through strong 
rocks, but also for weaker rock and soils. Especially when dealing with weaker rock, 
soils or water, TBMs using the so-called “segment lining” technique are the preferred 
choice. Here, a rotating cutting wheel with a diameter between 3 and 19 metres is 
pressed ahead into the tunnel face with the help of hydraulic cylinders. Many smaller 
scraping tools (such as disc cutters) inside the cutting wheel are used to loosen up the 
material, which is then transported out the back of the tunnel with a screw conveyor 
and later on a belt conveyor. At the same time, with the help of a vacuum segment 
erector, tunnel segments are taken from the segment feeder and are mounted at the 
appropriate ring location into the tunnel wall. 

But before a segment arrives at the erector, it has come a long way — and during the 
tunnel advance, a TBM with segment lining has to be permanently supplied with tunnel 
segments to enable continuous ring construction. For this purpose, the tunnel segments 
are first transported from the production site or the storage facility to the TBM in the 
tunnel using multi-service vehicles or rolling stocks. Once there, the segment stacks are 
first taken over into the TBM, which serves as buffer storage until the next delivery 
arrives. A portal crane removes the segments individually from the buffer storage, taking 
into account the order, and places them on the segment feeder. The segment feeder 
transports the segments cyclically the last few metres to the erector. Figure 1 illustrates 
this process visually. 


Figure 1. Segment lining of a TBM © Herrenknecht AG. 


The segment check is positioned at the segment feeder, just before the erector, and is thereby 
at the latest possible visible point of the segments. The cameras thus have an unobstructed view 
of the segments while still detecting all possible transport damages. Nevertheless, the position 
also comes with some difficulties due to the adverse environmental conditions such as extreme 
dirt, high vibrations, high temperatures, high humidity, and poor lighting conditions, all of 
which were taken into consideration during the development of segment check. 
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3 THEORETICAL BACKGROUND: MACHINE LEARNING FOR INSPECTION 
TASKS 


The idea of machine learning (ML) is to use empirical data to build a model, which is able to 
identify patterns and make decisions based on already seen data. An important step to build 
such a model is the training procedure. Hereby, the model learns which data features have 
a high impact on the decision making. With enough training data the model is able to general- 
ise these features and use them to make meaningful predictions on new, unseen data. These 
training procedures can be broadly divided into two categories: supervised and unsupervised 
learning. In supervised learning the training data is labelled by a human, meaning the correct 
output is given during the training procedure. In unsupervised learning the correct output is 
not provided and the algorithm tries to find commonalities in the data to learn correlations. 

Aside from the training procedures, another way to classify AI algorithms is by the task for 
which they have been designed. In this paper we will focus on the three main computer vision 
tasks, which are classification, object detection and segmentation (see Figure 2 for a visual 
comparison). In the classification task, the algorithm classifies the whole image into one of 
a fixed set of categories. The object detection task goes one step further, and the network also 
identifies where the recognised class is located in the image within a bounding box. Further- 
more, multiple instances can be detected in one image. In the segmentation task, each pixel of 
the image is classified. Therefore, it is possible to locate instance boundaries more accurately. 

In recent years, convolutional neural networks (CNN) have superseded classical approaches 
in all of these tasks (Krizhevsky et al. 2012, Ren et al. 2015, Ronneberger et al. 2015). 


Image Classification Object Detection Semantic Segmentation 


Classified image as dowel with 98% confidence Found Classified orange region as dowel 
89% dowel at (50, 250, 100, 300) Classified blue region as segment 
2. 98% dowel at (250, 260, 290, 300) Casera petow apon as bennn oun- 
3. 95% dowel at (600, 250, 650, 300) 


Figure 2. Visualisation of different computer vision tasks. 


Automatic surface inspection is one possible application of computer vision models. The 
aim in this domain is to detect anomalies, such as defects, missing objects or debris on object 
surfaces. For example, classification models can be used to distinguish good from defective 
parts (Silva & Lucena 2018). The classification result can be used to sort the parts accordingly. 
Object detection models can additionally count the defects and pinpoint their location and 
size (Patel et al. 2022). Locations, count and sizes of the defects are useful properties to decide 
whether a part may be defective but is still ok to be processed further. With image segmenta- 
tion, the location and size can be determined even more accurately (Li et al. 2020). This is 
especially useful for long elongated defects traversing diagonally, which cannot be detected 
accurately with object detection methods. 


4 TECHNICAL PROCEDURE 


When applying ML algorithms in new applications, various challenges occur. This is especially 
the case for applications in difficult environments, such as underground inside a TBM as done in 
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this work. Apart from the normal challenges like accuracy, error size, geometry of the object and 
illumination there are additional factors like dust, oil and vibrations. This section walks through 
the different design stages of the developed system, starting from the design of the imaging system 
(4.1), continuing with the 3D pose estimation (4.2) which is used to detect the tunnel segments, 
and finally highlighting the three different quality inspection methods (4.3 — 4.5). 


4.1 Design of the imaging system 


The choice of hardware is essential in tackling these challenges. The camera sensors need to be 
robust and should be placed optimally to avoid most of the dust and oil in the TBM. Although 
the amount of dust and oil can be higher at the front of the TBM, the point of inspection needs to 
be as close to the erector as possible in order to make a final quality inspection of the segments. 
To avoid this issue, a custom case is made for each camera, preventing the entry of pollution into 
the camera and protecting it from vibrations. This allows placement of the cameras at the last step 
on the segment feeder before the erector. As the segment cannot be checked from the extrados 
side in this position without enormous extra cost to lift it up, only the five remaining visible sides 
are checked. To inspect these sides, it is sufficient to use four cameras placed centrally to each of 
the four respective sides, all pointing towards the centre of the segment (see Figure 3). 


a 


a 


Figure 3. Camera positioning around the tunnel segment at the segment feeder. 


4.2 3D pose estimation 


The space constraints in the TBM and the curved sides of the segments act as an additional 
challenge to the computer vision solution. The cameras cannot be placed heads-on to each 
surface and hence receive a skewed perspective of the segment. Training an AI model on these 
raw images will not generalise the different geometries without extensive retraining for each 
project. As this retraining is not cost-efficient, some preprocessing steps are necessary. Fur- 
thermore, to allow the system to run self-sufficiently, no external camera trigger (which signals 
that the segment is at the right position) is implemented. Hence, the solution has to detect the 
segment when it appears in the camera image. 

With the use of a 3D pose estimation algorithm, we can solve both problems at the same 
time. First, one camera is used to monitor the segment feeder at all times, calculating the cur- 
rent 3D pose for the visible segment. If the segment is at a predefined target position, all cam- 
eras are triggered. Second, with the knowledge of the exact 3D pose of the segment, we can 
rectify the segment faces and create similar looking images of the surface, independent of their 
geometry and orientation towards the camera. 


4.3 Defect and object segmentation 
With the technical advances in automatic tunnel ring building, technicians and TBM drivers 


are occupied with supervising machines and are no longer in close proximity to the tunnel 
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segments as they were previously. Hence, they cannot observe any structural defects while 
mounting the segments — such as spallings and cracks, which could affect the ability of the 
segments to keep water out. Another potential risk with automatic ring building is the 
obstruction of the erector by objects on the intrados face. In this work, the automatic detec- 
tion of such defects and objects is addressed by employing neural networks. The rectified 
images from the 3D pose estimation are used as an input of the network. Specifically, 
a semantic segmentation network is used to split up each surface image into different regions 
based on whether they are normal, defective or part of an unknown object. Because of the 
surface similarity and the rectified images, the same network can be used for each side. 


4.4 Dowel presence detection 


Yet another risk is the absence of dowels on the ring faces, which can impact the structural 
integrity of the tunnel. The segment check uses a classification network to determine whether 
the dowels are present or not. Since the position of the dowel is fixed and the position of the 
segment relative to the camera is known, we can crop the image region surrounding the 
dowel. The resulting image is then used as input for a convolutional neural network. The net- 
work returns a binary classification result corresponding to the presence of the dowel. The 
network is trained using a large number of cropped dowel images from various TBMs, where 
light and dark coloured dowels are installed. 


4.5 Seal position control 


One or two rubber seals are installed around the circumference of the tunnel segment. They 
are either glued onto the segment or already placed in the mould before the concrete is poured 
into it. Improper handling or installation of the seals can lead to a partial displacement or 
complete dismantling. To detect defect seals, it is important to know at which position the seal 
should originally be placed. This information is extracted from the CAD model and projected 
into each image, with the help of the estimated 3D pose. Afterwards, an AI (segmentation net- 
work) is trained and used to extract the real seal position in the image. If the resulting mask 
does not overlap with the target position it is recognised as a defect. 


5 RESULTS 
In this section we present qualitative examples of the three inspection systems. 


5.1 Defect and object segmentation 


In Figure 4 and Figure 5 the inspection results of defect inspection and the object detection 
system can be seen. On a clean surface even small defects can be detected, as shown in Figure 4. 


Figure 4. Inspection results from a longitudinal side showing defective regions in red. 


5.2 Dowel presence detection 


In the examples highlighted in Figure 6 it is shown that the dowel presence detection works 
reliably, even under difficult lighting conditions. 
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Figure 5. Inspection results of the object detection system. Large objects are detected reliably. Some 
small objects are missed, depending on the sensitivity threshold set during inspection. 


Figure 6. Various example images from different tunnelling projects and the corresponding predicted 
labels of our models. 


5.3 Seal position control 


The seal position detection system returns a pixel wise segmentation mask distinguishing the 
seal from the background. In Figure 7 it can be seen that the system works well on images 
with missing seals and correctly positioned seals. 


Figure 7. Example images for the segmentation result of the seal inspection system. The first image 
shows a correctly segmented image of a missing seal. The second shows a correctly segmented seal. The 
third is a failure case where the segmentation is not accurate. In production this would still be shown as 
a defective seal. 
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6 HUMAN MACHINE INTERACTION AND DOCUMENTATION 


6.1 Visualisation in dashboard 


To allow human machine interaction a lean and easy-to-use dashboard was built. The aim of 
the dashboard is to give TBM drivers and the quality department full control over their 
system. In developing the dashboard, it was important not only to make it user-friendly, but 
also to make its intelligence easy to use. Thus, all data generated during inspection and oper- 
ation is accessible, enabling the operator to unlock cross-production potential. The functional- 
ities of the dashboard are the ability to adjust settings of the inspection system, a real-time 
visualisation of the system state and the detection results, and the possibility to access analy- 
tics and historical data. See Figure 8 for a visualisation of the dashboard. 


Figure 8. Screenshot of the dashboard’s live view showing a live stream of the system as well as real- 
time notifications about defects found. 


6.2 Documentation 


Considering the high quality standards for the tunnel segment, the industry has a high 
demand for a strong and continuous documentation of the segment’s quality as well as affect- 
ing parameters. One of the most widespread systems is SDS, a modular production and logis- 
tics management system specially designed for tunnelling. The system comprehensively 
manages, monitors and documents all major processes within the production and storage of 
segments, as well as capturing their position and installation data in the tunnel. For the first 
use case of the segment check, the data generated were therefore integrated into the segment 
documentation system. Specifically, image data of each segment, as well as corresponding 
meta data such as defects, applied AI models, and regulatory values are documented. Thereby, 
the segment check data enriches the already existing SDS dataset for each segment, allows 
deeper insights into defect causes and overall quality, and is also available for Building Infor- 
mation Modelling (BIM). 


7 LIMITATIONS AND FUTURE WORK 
This work is not without limitations. First, the system only allows control for the five visible 


sides, leaving the side facing the interior tunnel wall uninspected. Future work should evaluate 
the possibilities to inspect the missing side at a later or earlier position where it might be 


2607 


technically feasible to create its visibility. Additionally, the system does not allow us to inspect 
for all quality requirements of a tunnel segment (especially dimensional accuracy) due to the 
usage of 2D camera equipment. In the future it might be a possibility to include more sensors 
such as 3D cameras or lidar technology into the system. 

On a general level, we will follow three main objectives for the next steps in the further 
development of segment check. First, while deploying the model to new TBMs, more diverse 
data can be collected allowing for a better generalisation to new projects. Eventually, a stable 
model with the experience of many tunnel projects should be reached. This model could be 
deployed quickly to new tunnelling projects without requiring retraining or fine tuning. 
Second, we plan to extend the system to detect various other defects. Third, the data should 
be used to predict various key figures such as maintenance effort and time. 
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ABSTRACT: The use of BIM (Building Information Modelling) is growing rapidly in the 
field of infrastructures. The CETU carried out an experiment consisting in modelling two 
underground structures as fully as possible in order to check whether the expectations stem- 
ming from business uses can be correctly dealt with. The first tunnel, at the design stage, made 
it possible to question the benefits of BIM in terms of project management, to process the civil 
engineering and equipment interfaces, the clearance and the representation of the geology, 
hydrogeology and geotechnics. The second tunnel, in the operation phase, dealt with issues 
relating to asset management, retro engineering based on points cloud and the reporting of 
inspections and defects on civil engineering and equipment. 


1 INTRODUCTION 


The CETU is the advisor of a large number of project owners. The questions they may 
have about the development of BIM in this field are perfectly legitimate. In order to 
meet their expectations, CETU, along with Vianova Systems France, has initiated an 
experimentation consisting of advanced BIM modelling of underground structures, whether 
they are in the design phase or already in operation. The aim of this experimentation was 
to judge the feasibility and the relevance of this modelling, which must take into account 
the surrounding soil, the civil engineering and the equipment, both in the design phase and 
at asset management stage. 


2 TERMS OF THE EXPERIMENTATION 


2.1 Software solutions 


Managing a project with BIM solutions requires a good command of different tools and 
software solutions. First, a common data environment (CDE), including a collaboration 
platform, is needed. Trimble Connect was chosen. It enables to gather different files relative 
to the civil engineering, the digital terrain model (DTM), the equipment, and visualize them 
together in three dimensions in a digital model located in space. This model, mostly in the 
IFC format (cf. AFNOR (2016)), and all the data of the project, were stored in a structured 
tree diagram. Notes that were created can be saved under the neutral format BCF. 

In our case, the BIM platform did not enable to create or modify an IFC file. It only provides 
a three dimensional visualization of the project and tools to exchange and approve the models 
that represent the unique source of information shared with all the people involved in the pro- 
ject. Therefore, the initial creation of the models require the use of other tools. The following 
were used: 
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* Quadri: 3D modelling of the infrastructure, DTM generation; 

e NovaPoint: specific add-on of Quadri used for the modelling of the 3D axis, dry and wet 
networks; it also allows a connection with AutoCAD Civil 3D 

e AutoCAD Civil 3D: mainly used for its capacity to export correctly models in IFC format 
(IFC4.1 were used); 

e AutoDesk Recap: configuration of points clouds, generation of a triangulated surface based 
on a point cloud; 

¢ AutoDesk 3ds Max: processing of the latter meshed surface and export in a format accepted 
by Trimble Connect; 

e AutoDesk Revit: creation of the reinforcement schemes that can be later used in AutoCAD 
Civil 3D. 


These numerous software tools were used according to what they do best, but such a high 
number generates efficiency losses in comparison to using a single tool that could fulfill all 
functionalities. To our knowledge, there is no single BIM tool dedicated to infrastructure (let 
alone underground works) that manages all the needs of tunnelling, including georeferencing 
of a long axis. 


2.2 Presentation of the two tunnels studied 


The two tunnels chosen for the experimentation cover two phases of a structure life cycle: Oloron 
tunnel for the design phase (detailed design) and Butte d’Osse tunnel for the operation stage. 

The first one is part of a larger project of a bypass road of Oloron-Sainte-Marie in the 
South-West of France in the Pyrenees Mountains. This two-way 479 m long tunnel will be 
excavated with conventional tunneling (drill and blast). It will comprise emergency services 
and safety recesses, but no ventilation system is planned in the design. The BIM model was 
realized a posteriori based on the plans of the detailed design performed with classical tools. 
This experimentation aims to test whether it is possible to represent and design a tunnel 
thanks to a BIM model (including ground conditions) and to determine the benefit of the 
latter for the project management and the consideration of technical specificities of tunnels 

The second one (Butte d’Osse), also located in the Pyrenees Mountains, is an existing tunnel 
around 240 m long. It is composed of two cut-and-cover portals and a central excavated 
tunnel. It has been selected on the following criteria: 


e a short tunnel including different cross-section geometries; 
e recent and available as-built records; 
* existing asset management data as results from the monitoring of the structure. 


3 DESIGN OF A NEW TUNNEL 


3.1 Representation of the subsurface conditions, soillstructure interaction and civil engineering 


The expected ground conditions are a fundamental part of the design process of a tunnel. They 
need to be represented in a BIM model in a way that does not betray the interpretation of the 
geologists and geotechnical engineers. The following features were implemented in the model: 


e graphical representation of the geological, hydrogeological and geotechnical models under 
the form of a 2D longitudinal profile filling the DTM (see Figure 1); 

* position of the various site investigations with attached information, such as the nature of 
the investigation and its coordinates; 

e labels of the uncertainties identified in the models, under the form of a strip along the tunnel; 

e labels of the geological, hydrogeological and geotechnical homogeneous zones, also under 
the form of a strip with attached information: label, location, a link towards the geotechnical 
longitudinal profile and information according to the zone (hydraulic head, permeability, 
geotechnical indexes such as RMR, etc.). 
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As IFC4.4, including IFC Tunnels, are yet to be implemented, a proprietary format had to 
be used to represent a 2D longitudinal geotechnical profile. Even if it is sufficient to context- 
ualize the tunnel structure in the site, there is no clear benefit of such a model in comparison 
with a classical representation. The same conclusions can be drawn for the representation of 
the uncertainties and the homogeneous geotechnical zones. The full benefit of a 3D geological 
model linked to BIM is expected in a near future thanks to the latest developments of inter- 
operable formats. 

As for the site investigations, they represent raw data from which the models stem, and as 
such, the complete information is useful mainly for the geologists and the geotechnical engin- 
eers for their particular contributions to the design. Thus, one could question the detail of 
information included in the 3D shared BIM model. For instance, is it relevant to add the 
results of a pressuremeter test or the time histories of water levels from a piezometer? 
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Figure 1. Representation of the expected ground conditions. 


The choice of excavation and support classes (ESC) characterize soil/structure inter- 
action. As defined in the article II.1.2 of Booklet No. 69 of French general technical 
specifications for works (Fascicule 69 CCTG Travaux (2018)), “excavation and support 
classes are typical sections of a linear underground structure which apply to parts where 
the characteristics of the ground are substantially uniform. The excavation and support 
classes establish the geometric characteristics of the excavation and its lining, as well as 
the principle provisions of the support.” For example, the lightest ESC of Oloron tunnel 
project defines the method of excavation, the round length, the face support, the number 
of bolts, the thickness of sprayed concrete, the waterproofing system, the lining, etc. 
These parameters are defined within a range of possible values, e.g. 5 to 10 cm of 
sprayed concrete on the arch and side walls. 

During the excavation of the tunnel, ESC are implemented according to the real subsurface 
conditions encountered, allowing for slight changes regarding their implementation (number 
and location of each support material or sprayed concrete thickness for example). As the real 
works remain uncertain during design phases, ESC are usually represented with a synoptic of 
application and sample plans with text explanation. 

The BIM models ignores the spread of the possible range of values (see Figure 2). There- 
fore, it does not represent an object to be built, but a medium scenario of realization based on 
interpretation of expected geological, hydrogeological and geotechnical conditions. The 
reader/user of the model needs to be well aware of this in order not to perceive the model as 
the reality of what will be realized. 
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3.2 Representation of equipment 


Equipment (and civil engineering finishing works) meet the classic issues of the building indus- 
try, for which BIM is very mature. IFC taxonomy makes it very easy to precisely describe 
each element of the inside tunnel, and therefore have the same level of detail for each part of 
the work. 

The BIM model also allows the materialization of required clearances inside the tunnel for 
circulation and systems protection. 

From a structural point of view, the experiment showed that the interest of 3D visualization 
is valuable for complex and nonlinear structures or singular points: e.g. equipment recesses, 
connections between different networks or signage. On the other hand, it bears limited interest 
for linear parts of the structure, as they are merely a repeated depiction of a 2D plan along the 
tunnel axis. However, we did not deal with the potential benefits for visibility assessment. 

In spite of the fact that the contractor that will be in charge of equipment detailed design 
and installation is not known yet, we found solutions to represent for example longitudinal 
recesses for the lighting system or clearance necessary around the fire hydrants. As the studies 
progress, this allows the coherence of the design to be checked. 


S 


(b) 


Figure 2. (a) Representation of an excavation and support class comprising bolts. (b) Visualization of 
the 3D representation of the equipment recess and inner parts of the civil engineering. 


3.3 Project management 


The ability to realize a review with automatic clash detection is one of the main pros of the 
BIM model. In addition to a visual model to support project reviews, it is very useful to repre- 
sent interaction between civil engineering and equipment, and precisely define equipment 
recesses in the civil engineering works. 

In terms of data management, all the successive versions of the BIM model can be stored 
until the review phase, when the BIM manager validates each design step. It is also possible to 
save all the discussions attached to one part of the structure under the neutral format BCF. 
Nonetheless, storing properly design choices for the future requires an extra work to summar- 
ize information and be sure that important information is easily accessed over years. 


4 TUNNEL IN OPERATION 


There is still very little feedback about the benefits of BIM for tunnels in operation. In most 
cases, BIM of tunnels are produced at the design and construction stages but are not delivered 
to tunnel managers for future use in asset management. Main research works focus on data 
structuration, task assignments, and systems surveillance and maintenance (see e.g. Sami 
(2016), Lee (2018), Chen (2020)). The present experiment aimed at assessing the feasibility to 
include tunnel components and asset management data in the 3D model for both structure 
and equipment. The assessment included graphic representation, possible links with 
a structured database, level of details, and accuracy. It was conducted from the perspective of 
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a tunnel manager to evaluate the potential benefit of BIM in comparison with existing tools: 
paper-based or digitized tunnel records, 2D drawings, simple dashboards, etc. 


4.1 Structured database 


A shared database was created on Trimble Connect with all available documents in the tunnel 
records: as-built drawings, materials or components datasheets, inspection reports and draw- 
ings, site investigation layout plans and reports (e.g. concrete sampling and testing), etc. The 
structure of the database was defined following the French regulation for the national road 
network ITSEOA — Booklet No. 1 (CEREMA (2016)). During design, construction, and oper- 
ation phases, a huge amount of data is produced from multiple sources and delivered to the 
tunnel manager in multiple forms. BIM platform can serve as a centralized and digitized data- 
base to upload all these data in a standard format. It is also possible to link a tunnel compo- 
nent in the 3D model to any related document through the component unique ID. 

It may facilitate data traceability (e.g., upload date, person in charge systematically 
recorded). However, as for classic records, such BIM database is useful and operational only 
if data update and transmission process are well established and followed. Another issue is the 
non-permanent nature of the links between components and documents when the model is 
transferred from one platform to another. The benefit of such digitized database is also to put 
in perspective depending on whether the tunnel is new or existing. In the latter case, data 
retrieval from paper archives and digitization require a huge amount of resources. 


4.2 3D BIM model from as-built records 


4.2.1 Level of details 

The experiment showed that it is technically feasible to include any element in the model with 
a high level of details, such as a complete reinforcement scheme (see Figure 3(a)). However, 
a solid knowledge in civil engineering is essential to interpret technical drawings from existing 
records and ensure the overall consistency of the model. It represents a tremendous amount of 
work and requires many resources in terms of software, computing time, skills, thus cost (e.g. 
the 3D modelling of the reinforcements of a 10m-long concrete frame section from 2D draw- 
ings took about 1 day). 

It is essential to mention that the level of details requested in the model varies with the 
user’s needs. For instance, a tunnel manager needs to know that its tunnel includes reinforced 
sections and non-reinforced one with their location. However, he does not need to know what 
type of steel bars are in place, in what quantity, or with what concrete cover. It is sufficient to 
store these detailed information in tunnel records. On the contrary, in the course of 
a structural diagnosis, the expert in charge needs fully specified reinforcement schemes: e.g., to 
verify if the steel section in place is sufficient to sustain applied loads or to position concrete 
sample coring on the vault without degrading steel bars. In this case, a radar survey on the 
tunnel lining is necessary to locate the reinforcements with the adapted level of accuracy. 


4.2.2 Accuracy 

Even for recent tunnels, input data from as-built records are often missing or partial. For 
instance, steel arch supports were applied during excavation but their exact location and 
number has not been recorded. Data may also be complete in as-built records but inexact. For 
the tested tunnel, recorded formwork drawings and backfill heights were from the design stage 
and different from what was constructed. Reinforcement scheme was accurate in terms of steel 
section and type but not representative of what was actually built. Indeed, the difficulties of 
implementation during construction creates uncertainty about the position of the reinforcement 
cages and the concrete cover. This means that false clash detection can be created in the model- 
ling of future construction works such as the installation of new equipment anchorage. Another 
difficulty is that drawings produced at different stages of the tunnel service life may be edited 
with different coordinates systems, which makes it difficult to rebuild the whole model. 
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This raises a number of questions about the level of details and accuracy that need to be 
addressed in a framework of practices for applying BIM to a tunnel in operation: 


e What level of details is necessary according to the user’s needs? 

e How to differentiate a data that is reliable from a data that is just included in the model as 
a rough indication? 

e Is there an interest in making every data reliable and at what cost? 

e Who will check the reliability and the consistency of the data at the end of the construction 
phase or during the tunnel service life? 


4.3 Tested use-case: Points cloud and cross-section geometry 


As a laser-scan was available in the tunnel records, the 3D reconstructed models from as-built 
records and the points cloud were superimposed and compared (see Figure 3(b)). In few cases, 
as segmental linings, this application might be relevant to verify the overall geometry of the 
as-built tunnel. The comparison with the 3D points cloud can help identifying singular areas 
(misaligned segments, deformed rings) where an accurate monitoring of the cross-section 
geometry evolution should be conducted (e.g., optics or invar wires measurements). Another 
potential interest of the combination of a 3D laser-scan and BIM is the identification and 
locations of all systems components (see Section 4.4). 


(a) (b) 


Figure 3. (a) Extraction from the 3D BIM model showing the different cross-sections of the tunnel in 
operation. Transparency is applied to one section of the cut and cover to show modeled reinforcements. 
(b) 3D BIM model generated from as-built records (in grey) superimposed on the laser-scan textured 3D 
points cloud. 


4.4 Tested use-case of the 3D BIM model: Civil engineering inspection results 


The experiment included the integration of detailed periodic inspection results, meaning 
defects maps from different years (see Figure 4). The objective was to verify if the 3D model 
could facilitate the simultaneous visualization of co-existing defects and their context (e.g., 
lining geometry, equipment, vault supports, steel reinforcements) on the full cross-section. 
Since BIM solutions are not designed yet for this kind of application, everything was done 
manually and the results were not conclusive. The main difficulty is the graphic representation 
of planar defects (e.g. cracks or surface of material degradation) as 3D objects with 
a minimum thickness of several millimeters, anchored to the BIM model surface. Defects char- 
acteristics as crack width are stored inside the object properties but cannot be displayed on 
the model. Thus, the obtained representation is not easily readable without zooming on each 
defect and not representative of defects dimensions, appearance, and location. Moreover, 
a defect that has evolved between two inspections is created as two different objects with two 
different ID in each model layer related to each inspection. Although it is possible to superim- 
pose the layers, it is hard to identify and quantify the evolution of the defect from the 3D 
model compared to classic 2D defects maps. 
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Figure 4. Exemplary representation of longitudinal and transversal cracks on a concrete section. 


4.5 Tested use-case of the 3D BIM model: Equipment inspection results 


For the equipment asset management, the experimentation focused on what BIM could offer 
to the inspection mission as it is defined in the ITSEOA — Booklet No. 40 (CETU (2012)). 

In order to extend the experimentation and to be able to test several applications, fictive 
systems were implemented in the model (closure barriers, emergency call telephone, cameras, 
luminance and pollution sensors, etc.). In the absence of a pre-established library of objects, 
the geometry of the equipment was defined in an approximate way, as it was not an important 
aspect for this part of the experimentation. Following information was associated: 


* unique identifier for the equipment; 

* unique identifier and name of the equipment category allowing to retrieve equipment 
family as defined in the ITSEOA — Booklet No. 40 (lighting system, CCTV system, emer- 
gency call network, etc.); 

e location (metric marker for longitudinal location, direction of traffic). 


This first modeling step showed that a simplified description of the installations could be 
extracted from the model. This “up-to-date” description could facilitate the preparation of an 
equipment inspection mission and would provide a reference that could be used during inspec- 
tion visits. In addition, with some minor changes, this numeric database could be embedded 
into a mobile application in order to directly record disorders during inspections. 

The experimentation then focused on the capitalization of the inspection results, i.e. the 
findings of disorders (condition and operational state) and the results of performance meas- 
urements. A first simple proof of concept consisted in enriching the objects of the model with 
an attribute describing their operational state. For this test, the possible values were deliber- 
ately limited: “nothing to report” or “out of order”. Moreover, objects materializing zones 
where lighting performance measurements would have been performed were added on the 
model (see Figure 5). The fictive results of these measurements have been linked (with pdf 
files) to these objects. The tool allows to visually differentiate zones according to many criteria 
(satisfactory or unsatisfactory results, type of lighting evaluated, year of the measure- 
ments, etc.). 

The experimentation showed that the BIM model could be very interesting to extract infor- 
mation on a set of unitary objects (equipment) or on the contrary, to capitalize inspection 
results on these objects. It allows to visually differentiate systems of the same category or the 
location of those presenting disorders. It allows to associate complete information to the 
equipment with the interest to be able to track them over time, note evolution of disorders 
and reproduce the tests. 

Nevertheless, when it comes to capitalizing on more general results, the tool has presented 
limitations. Data must be assigned to unitary objects. This raises a question for storage and 
visualization of overall information concerning an entire functional group (an equipment 
family, a safety recess, etc.) because it is not represented by a unitary object on the model. The 
simplest solution, which would consist in duplicating the overall information on all the 
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elements of the group, is not desirable for reasons of maintainability and ease of modification 
of the data. Thus, it would be interesting to push the experimentation further in order to look 
for solutions for capitalizing and visualizing the summary rating of the inspection reports as 
defined in the ITSEOA — Booklet No. 40. 
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Figure 5. View of the modeling of the equipment with a focus on a lighting performance measurement 
zone. 


5 RESULTS AND PROSPECTS 


BIM is the use of a shared digital representation of a built asset to facilitate design, construc- 
tion and operation processes to form a reliable basis for decisions (AFNOR (2018)). BIM is 
not an expert system in terms of design, project management or monitoring methods (intelli- 
gence is still provided by engineers), but it can simplify the corresponding processes in many 
cases. 

This experimentation has shown that it is possible to represent a tunnel in a 3D BIM 
model, including ground conditions, civil engineering and equipment meeting the needs of 
tunneling professionals. 

For a tunnel at the design stage, BIM offers an undeniable interest. The full benefit will be 
achieved when data related to the terrain will be completely taken into account. 

For an existing tunnel in operation, the picture is more mixed, for several reasons: design 
and construction data are rarely available, and if they are, their capture will be very costly in 
terms of time (and therefore money), unless the tunnel was already designed using BIM. 
Moreover, it will be necessary to sort the data so that it is relevant to the operator’s 
daily use. 

The experiment also raised some questions about the relevant way to represent data in the 
model. What information relative to site investigations should be included in the model? How 
to represent the excavation support classes in early design stages while taking into account the 
uncertainties attached? During the construction, is it relevant to model the precise position of 
each support element (bolts, steel arches), or the position of the support classes defined in the 
executive design is enough? How to differentiate reliable or precise as-built data from a data 
that is just included in the model as a rough indication? Is it possible to depict properly civil 
engineering defects? How to assign data to a functional group of equipment? Work still needs 
also to be done to refine the relevant information retained for the asset management of the 
infrastructure. 

The modelling was done using IFC 4.1 formats, pending the deployment of IFC 4.4, which 
will include the IFC Tunnels currently being implemented. With these upcoming develop- 
ments, we are hopeful in a close future to answer in a more relevant way to such questions. 
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ABSTRACT: Lining cracks are the most common structural damage and are critical for the 
service life of tunnels. Their early identification is important to monitor damage while ensur- 
ing tunnel safety. The use of deep learning (DL)-based methods to detect cracks on the surface 
of tunnel linings has attracted increased attention in recent years. However, DL-based tunnel 
crack segmentation methods have two major limitations: one is the lack of sufficient tunnel 
crack images, and the other is the lack of refined image labels, each of which is time- 
consuming and labor-intensive to capture in the tunnel environment. To solve these problems, 
a multi-scene deep domain adaptive crack generator called Tunnel-Crack-DatasetGAN 
(TCDGAN) is proposed inspired by a novel generative adversarial architecture—Dataset- 
GAN. TCDGAN can be used to automatically generate synthetic tunnel crack images, hence 
overcoming the aforementioned restrictions. With the consideration of the characteristics of 
tunnel cracks, three improvements are proposed based on the original DatasetGAN architec- 
ture. Firstly, the constant learned input in the original style-based generator is replaced by 
Fourier features, which improves the equivariance of the generated refined crack branches 
adjacent to the main crack. Secondly, a novel strategy called adaptive pseudo augmentation 
(APA) is introduced to alleviate the overfitting problem that may occur due to insufficient 
source-crack images for initial training. Thirdly, a path length-based regularization operation 
is introduced to ensure that the model can converge to the optimal gradient during the train- 
ing process. By these means, the proposed TCDGAN can be utilized to generate massive 
tunnel crack images with high-quality pixel-wise masks requiring a handful of source-crack 
images and minimal human effort. The quality of the synthesized tunnel crack image-mask 
pairs was visually evaluated, and the good performance of some representative segmentation 
models trained by the synthetic dataset demonstrates the feasibility of the proposed method. 


1 INTRODUCTION 


Since the convolutional neural network (CNN) was introduced in crack classification by Cha 
et al. (Cha et al., 2017), CNNs have gradually been regarded as one of the most promising 
methods for crack pattern recognition with high practical potential. A large number of CNN 
variants have been developed to enhance accuracy and robustness in identifying cracks on 
roads, buildings, bridges, dams, nuclear power plants, tunnels, etc (Ali et al., 2022). 
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For those intelligent crack identification architectures, the algorithm and data are treated as the 
two key factors that determine their performance (Hsieh and Tsai, 2020), and the lack of data is 
the main reason that most of state of the art (SOTA) deep learning (DL)-based algorithms devel- 
oped for natural scenarios cannot be well transferred to exert their potential in crack identification 
tasks (Maeda et al., 2021). Especially for tunnel scenes, the research and applications of DL-based 
tunnel visual inspection methods are seriously lagging behind those in other engineering scenes 
(Dang et al., 2022). Due to the uneven illumination and humid environment in tunnels, the distri- 
bution of cracks in the image would be more different and more hidden (Gong et al., 2021). 
Meanwhile, the occurrence of uneven road surfaces and puddles in tunnels might hinder the 
image collection process conducted manually or even by advanced robots (Menendez et al., 2018). 
Besides, the inner wall of the tunnel lining forms a stable stress system with the external rock 
strata and soil, bearing huge compressive stress. The occurrence of cracks inevitably affects the 
stability of this system, which may lead to a local collapse in a short time (Kimura et al., 2019). 
Quickly and accurately finding the cracks inside the tunnel is very important for the management 
department to take timely and reasonable maintenance measures to ensure the safety of the tunnel 
during the operation period. Therefore, it is urgent to obtain sufficient tunnel-lining crack data so 
that a well-performed DL-based model can be trained to find tunnel-lining cracks quickly and 
accurately. 

Exploring generative adversarial networks (GANSs) in synthesizing crack images with a target 
domain has been a topic worth discussing (Gui et al., 2021), which is inspired by the field of 
medical imaging. In the field of medical imaging, GAN has been widely used to solve the prob- 
lem of a lack of training data due to various reasons, such as patient privacy. Many studies 
have shown that adding GAN-generated medical images to the original training data can make 
DL-based recognition models much more accurate (Frid-Adar et al., 2018). Investigating GAN- 
based methods in obtaining tunnel-lining crack image-mask pairs with various data distribu- 
tions is the focus of this study. To the best of the author’s knowledge, no analogous studies 
have been reported. The main contributions of this work are as follows: 

A multi-scene deep domain adaptive crack generator named Tunnel-Crack-DatasetGAN 
(TCDGAN) was proposed for generating synthetic tunnel crack image-mask pairs. Considering 
the characteristics of tunnel cracks, three improvements were customized based on the original 
DatasetGAN architecture. Firstly, the constant learned input in the original style-based generator 
was replaced by the Fourier feature, which improves the equivariance of the generated refined 
crack branches adjacent to the main crack. Secondly, a novel strategy called adaptive pseudo aug- 
mentation (APA) was adopted to alleviate the overfitting problem that may occur due to insuffi- 
cient source-crack images for the initial training. Thirdly, a path length-based regularization 
operation was introduced to ensure that the model can converge to the optimal gradient during 
the training process. By these means, the proposed TCDGAN can be utilized to generate a large 
number of tunnel-lining crack images with high-quality pixel-wise masks, requiring only 
a handful of source-crack images and minimal human effort, thus overcoming the restrictions 


Style-based Generator Style Interpreter Output 


Figure 1. The overview architecture of Tunnel-Crack-DatasetGAN. 
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above in the tunnel environment. The quality of the synthesized crack image-mask pairs was 
graded with two metrics, and the good performance of some representative segmentation models 
trained by the synthetic dataset demonstrates the feasibility of the proposed method. 


2 METHODOLOGY 


2.1 Overview of TCDGAN 


The whole architecture of the TCDGAN is built based on the original DatasetGAN (Zhang 
et al., 2021), which is also composed of two parts to achieve the generation of image-mask pairs. 
As shown in Figure 1, the first part is the style-based generator, and the second is the style inter- 
preter. In the original DatasetGAN, the StyleGAN (Karras et al., 2019) was employed as the 
style-based generator without any modification, which usually requires a large number of 
unlabeled images to train. Such large unlabeled datasets will bring about difficulties in the training 
process, such as model divergence and excessive training time, each of which has always plagued 
the direct application of DatasetGAN in engineering practice. Therefore, considering the above 
problems and combining the inherent characteristics of the cracks, the original DatasetGAN was 
customized to adapt to the task of crack image generation in the tunnel. 


2.2 Revised architecture for crack images 


Based on the characteristics of tunnel crack images, three revisions were developed to the original 
DatasetGAN in this work. It should be noted here that the quality of the generated crack image 
depends largely on the crack image generator, so our improvements mainly focus on the style- 
based generator. The whole architecture of the revised style-based GAN is shown in Figure 2. 


2.2.1 Revision 1: Substituting Fourier features for the original constant learned input 

Since cracks do not have a relatively fixed topological distribution type like other objects, 
such as faces, it is difficult to use fixed isomorphic features to fit their distribution laws. So, 
the constant learned input in the original style-based generator was replaced by Fourier fea- 
tures (Karras et al., 2020), which improved the equivariance of the generated refined crack 
branches adjacent to the main crack. 

Considering that the shape, distribution, and divergence angle of cracks to be generated are 
random, which is entirely different from the image generation task of the natural scene. For 
natural scenes, the targets in the generated images often appear at a fixed angle, and no large- 
scale rotation occurs(i.e., the car, tree, and face images will not be generated tilted or upside 
down). Previous studies have been conducted to demonstrate that when the input image is 
rotated or translated over an extensive range, the low-dimensional constants may lead to 
“spectral bias”, resulting in severe degradation of the generated image. Tancik et al. (Tancik 
et al., 2020) transferred input points through simple Fourier feature mapping, so that multi- 
layer perceptrons (MLPs) could learn high-frequency functions in the low-dimensional prob- 
lem domain, improving the quality of generated images from the perspective of enhancing the 
feature representation ability. Based on the previous study, the learned input constant was 
replaced by the Fourier feature that incorporates translation and rotation factors added using 
affine transformations in the latent frequency-domain space, allowing the generative network 
to adapt to the random crack patterns and reduce the generation of unnatural crack images. 


2.2.2 Revision 2: Applying adaptive pseudo augmentation (APA) strategy in the discriminator 
To alleviate the overfitting problem that may occur due to insufficient source crack images for 
initial training, a novel strategy called APA was introduced (Jiang et al., 2021). 

Obtaining well-trained generative models based on well-built GAN frameworks has long puz- 
zled researchers. The conventional approach is based on a large number of training images to 
ensure that the model avoids overfitting problems. Training a high-quality, high-resolution 
GAN generator requires 10° to 10° images to prevent overfitting. Although a few large crack 
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image datasets are available, the broad application of DatasetGAN to the task of crack inspec- 
tion requires that the style-based generator be capable of learning crack features from smaller 
datasets that are much more common and easier to collect in practical situations. In addition, 
considering that the proportion of positive and negative sample pixels in crack images is 
extremely unbalanced compared to conventional natural scene images, this also indirectly 
increases the difficulty of convergence of the GAN model. To alleviate the overfitting and class 
imbalance problems when training based on small datasets, a specially designed data augmenta- 
tion pipeline named adaptive pseudo augmentation strategy was employed before the discrimin- 
ator when training the style-based generator. It was first proposed by Huang et al. (Huang and 
Belongie, 2017) and can be used to tune the augmentation strength dynamically based on the 
degree of overfitting without leaking the augmentation pattern in the field of medical imaging 
generation. Its effectiveness was proved by an ablation study described in section 3.2. 
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Figure 2. Diagram of the whole architecture of the revised crack image generator based on StyleGAN. 


2.2.3 Revision 3: Applying path length-based regularization operation 

How to generate the corresponding crack image according to the specific scene has essential 
significance in practical engineering. That is to say, it is necessary to enable the generation 
network to effectively control the corresponding properties of the generated crack image. Dif- 
ferent latent codes correspond to different attributes of cracks. When determining the specific 
direction of latent code change, the different steps in that direction should correspond to the 
different amplitudes of a particular change in the crack image. While generating crack images, 
it is hoped that the properties of cracks can be effectively controlled in both aspects. One is 
the background texture, and the other is the shape of the crack itself. The original FID and 
Precision & Recall (P&R) are evaluation indicators based on classification networks, both of 
which were mainly designed to focus on evaluating image texture and partially ignore the 
shape of objects in the image, which makes them unsuitable for precisely assessing the quality 
of the generated crack image. Previous studies have been conducted to demonstrate that per- 
ceptual path length (PPL) is related to the consistency and stability of the shape of objects 
(Karras et al., 2021). Therefore, the regularization term of PPL was introduced in this study 
to supervise the relevant characteristics of the shape of generated cracks. To illustrate the 
effectiveness of PPL regularization, Figure 3 visualizes a set of comparative results. The blue 
path shows the training process with path length-based regularization added, while the orange 
path is the original BN process. It can be seen that PPL regularization can guide the source 
domain images to the target domain more directionally, which will significantly reduce the 
computational cost and training time. 
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Figure 3. Visualization of cracks generated by the style-based generator with and without the PPL 
regularization. 


3 DATASETS AND IMPLEMENTATION DETAILS 


3.1 Original dataset 


In this study, the authors built a tunnel crack dataset to train the style-based generator since 
few open-source tunnel crack datasets are currently available. The tunnel used for the image 
collection is located in Changsha City, Hunan Province, with a total length of 50 m, and was 
completed in 2014. The newly created dataset contains 100 crack images with a resolution of 
around 2000 x 1200 pixels. All of these images were captured inside the tunnel in multiple 
situations (including shadow, occlusion, low contrast, and noise). Some examples of crack 
images are illustrated in Figure 4. 


Figure 4. Data collection site and visualization of some field-acquired images. 


3.2 Training style-based generator in TCDGAN 


To balance the convergence of the model during training and the ability of the network to capture 
deep features of cracks, the number of fully connected (FC) layers in the mapping network was 
set to 4, and the number of style blocks in the synthesis network was 7. The training images from 
the aforementioned crack dataset were preprocessed by center-cropping and resizing to the reso- 
lution of 256 x 256 pixels so that the image size meets the network training requirements. The 
APA strategy was employed before the discriminative when training the style-based generator. 
The AdaBelief algorithm (Zhuang et al., 2020) was employed as the optimization algorithm 
to update the network parameters, with a decay rate £} = 0.5, € = 10~), and initial learning 
rate /, = 2 x 10“. The training was finished after learning from the dataset for 800 epochs. 


3.3 Training revised style interpreter in TCDGAN 


The style interpreter was trained independently based on a well-trained style-based gen- 
erator described in the last section. As shown in Figure 1, the function of the style 
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interpreter was to produce the corresponding pixel-wise mask of each fake image gener- 
ated by the revised style-based generator. To train the style interpreter, the first step was 
to generate the training dataset for the pixel classifier ensemble. Specifically, N,; random 
latent vectors were input into the well-trained generator gotten from the last section to 
synthesize N,; images and related latent feature maps. Then these generated crack images 
were manually annotated with pixel-wise labels to be treated as the ground-truth (GT) 
segmentation masks. In this study, N,; was set to 50 as the primary training dataset for the 
training of the style interpreter. The latent feature maps and corresponding segmentation 
masks were flattened to produce a pixel classifier training dataset with 256 x 256 x Ng; 
pairs of 2688-D input pixel vectors and 1-D GT pixel labels. The pixel classifier ensem- 
ble was trained with the prepared dataset. The number of classifiers in the pixel classifier 
ensemble was set to 2 (i.e., crack pixel or non-crack pixel), and the rest network archi- 
tecture was almost the same as that used in the original DatasetGAN except for that 
each classifier contained 4 FC layers interconnected with batch normalization (BN) layer 
and a rectified linear activation (ReLU) layer. Each FC layer had 2496, 1024, 256, and 
128 neurons, respectively. The cross-entropy loss and the AdaBelief optimizer were both 
used for the training of the revised style interpreter. The model got convergence when 
the initial learning rate was 2 x 10%, and the training epoch was 600. 


3.4 Performance evaluation metrics 


The well-trained architecture generates crack image-mask pairs in an end-to-end manner. 
Two different metrics were separately adopted to make the evaluation for the crack images 
and the corresponding masks. For the evaluation of the quality of the synthetic crack 
images output from the style-based generator, Frechet Inception Distance (FID) (Creswell 
et al., 2018), a widely used GAN evaluation metric, was employed. To qualify the corres- 
ponding masks gotten from the style-based interpreter, mloU was introduced as the metric 
(Chu et al., 2022). 

The above two evaluation indicators directly evaluate the quality of the image-mask pairs 
produced by the TCDGAN. Considering that the purpose of the generated images is to train 
the DL-based crack segmentation model, the performance of the pre-defined model trained by 
the generated images can also be treated as the evaluation index. 


4 RESULTS ANALYSIS 


The well-trained TCDGAN was obtained based on the original dataset and the implementa- 
tion details described in the previous section. To further formalize the effectiveness of 
TCDGAN, a systematic analysis of the results output from the TCDGAN was performed. 


4.1 Quality of segmented image synthesized by TCDGAN 


One hundred random Latents zs 100 was used as the input of the well-trained TCDGAN to 
synthesize 100 pairs of crack images and the corresponding masks. The generated images 
were manually labeled to obtain the pixel-level semantic segmentation masks, used as the 
ground truth (GT) labels for the evaluation. As described in Section 3.4, the quality of the 
synthetic images and masks needs to be evaluated separately. For the synthetic crack 
images, the FID score reached 43.02, while the FID score of the generated crack images 
using the original datasetGAN only reached 56.34. For the predicted mask, the mIoU calcu- 
lated by the mask and manually labeled GT reaches 85%, indicating that the trunk of the 
crack can be effectively identified. Some generated crack image-mask pairs with different 
color style are illustrated in Figure 5. It can be seen from this figure that the details of some 
branch cracks are also well synthesized, which intuitively reflects the effectiveness of the pro- 
posed method. 
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Figure 5. Some randomly selected examples of the image-mask pairs generated by the TCDGAN. 


4.2 Performance of a pre-defined image segmentation method trained with 
TCDGAN-generated data 


The ultimate purpose of the synthetic crack image-mask pairs is to obtain a well-trained 
DL-based model for the segmentation of tunnel cracks. Therefore, the performance of 
the segmentation models trained with these generated image-mask pairs can be 
a surrogate of the performance of TCDGAN. Here, a novel crack segmentation network 
named “Tiny-Crack-Net” (TCN) was adopted as the pre-defined segmentation baseline 
model (Chu et al., 2022), since its better performance in tiny crack identification com- 
pared with some other typical networks. That is, the performance of the TCN trained 
with synthetic image-mask pair will be used to evaluate the TCDGAN. To make a more 
intuitive comparison, two sets of training data were prepared for the training of the 
TCN: training dataset one contains 100 randomly synthesized image-mask pairs, which are 
denoted as Train-DG; training dataset two was a collection of 100 real image-mask pairs 
(denote as Train-DR) captured in the same tunnel environment mention in Section 3.1. 
Likewise, two testing datasets, TCDGAN generated testing dataset (Test-DG) and real 
captured testing dataset (Test-DR), were employed to evaluate the trained networks. 
Test-DG contains 50 generated image-mask pairs, while Test-DR gets 50 human-labeled 
real image-mask pairs. 

As shown in Table 1, the TCN trained on the synthetic dataset Train-DG achieves the 
mloU of 0.747 on Test-DG and 0.682 on Test-DR. It indicates that there might be 
a noticeable distribution gap between the generated images and real images that causes the 
considerable performance inconsistency. Similarly, the TCN trained on the real dataset 
Train-DR shows mloU as 0.679 on test-DG and 0.756 on test-DR, showing the preference 
on real data but still getting an obvious performance gap on those synthetic images. To fur- 
ther illustrate the effectiveness of the synthetic dataset, three different ratios of generated 
data are mixed in the real dataset to train the TCN. It can be seen from the table that 
adding synthetic data to the real training data improves the recognition ability of the model 
on both real and synthetic test images, and the more synthetic images are added, the more 
obvious the improvement in recognition accuracy is. The accuracy of TCN trained by using 
all real images and generated images on the two test sets reached 0.786 and 0.813, respect- 
ively, which is more than 3% higher than that of the training model from their own sources. 
In addition, due to the unavoidable problem of overfitting in the training process, the edge 
and background of some synthetic cracks will be smeared, which will affect the discrimin- 
ation of the model. Therefore, the test results of the model on the real data will be slightly 
better than the test results on the synthetic images. 
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Table 1. Testing results of the pre-defined segmentation network trained on 
different datasets. 


Type of training dataset mloU on Test-DG mloU on Test-DR 


Train-DG 0.747 0.682 
Train-DR 0.679 0.756 
Train-DR + 1/4Train-DG 0.715 0.767 
Train-DR + 1/2Train-DG 0.741 0.782 
Train-DR + Train-DG 0.786 0.813 


5 CONCLUSION 


To the best of our knowledge, this is the first study investigating the potential applications of 
DatasetGAN in crack segmentation tasks. The experimental results show that with the custom- 
ized modifications, the TCDGAN can be employed to provide reliable tunnel crack image-mask 
pairs to support engineering practice. These generated image-mask pairs especially important to 
fully exploit the current DL-based crack detection algorithms, which struggle to perform well in 
tunnel scenes due to a lack of data. Our revisions on the style-based generator effectively tailor 
DatasetGAN for data-deficient tunnel scenarios. The effectiveness of the proposed method is 
demonstrated in two aspects, the first is a direct quality assessment of the generated image-mask 
pairs, and the second is that the generated data is used to train a pre-defined crack segmentation 
model. The results show that our TCDGAN can generate high-quality and near-realistic images 
of tunnel cracks, and the generated images can be used to improve the performance of existing 
crack segmentation models. This makes it possible for the tunnel inspectors to conveniently use 
DL-based models to replace the manual inspection process in tunnel scenarios for safer and 
more efficient crack detection. In the future, the deep features of cracks will be further 
decoupled to generate more crack images with controllable properties (such as texture, back- 
ground, and thickness). 
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ABSTRACT: Unplanned worn disc cutters maintenance can cause casualty and financial 
loss. Good knowledge of cutter wear will facilitate the design of the excavation plan and 
elongate cutter life. Cutter wear is subject to multiple influential factors, which can be 
regarded as a nonlinear multivariate question. Back propagation neural network (BPNN), 
a robust machine learning method in this field, can shed light on it. A shield tunneling section 
from Metro Line 18 in Guangzhou, China, only encounters hard rock strata. There are 49 
manually measured cutter wear. The tunnel boring machine records over 250 types of param- 
eters per second with a real-time logging system. According to 28 types of influential param- 
eters from previous studies, 14 input parameters are selected to reflect the effect of machine, 
geology, and operation on the output, cutter wear, which is quantified as the average radial 
reduction of cutter ring. By extrapolation and interpolation, a dataset with 1434 samples is 
established from the Pan-nan section. Cutter wear is distributed to each ring within the inspec- 
tion section with a published model. To overcome the inherent weakness of BPNN, we apply 
SMBO (Sequential Model-based Optimization) and GA (Genetic Algorithm) and compare 
their effectiveness. SMBO and GA returns model with R2 of 0.968 and 0.971. Error tracing 
reveals GA model tends to overestimate records with slight wear. 


1 INTRODUCTION 


The tunnel boring machine (TBM) illustrates many advantages in underground construction. 
While the main tool involved in the excavation are disc cutters, practices show that mainten- 
ance of disc cutter in certain abrasive geological formation takes up to one-third of total con- 
struction time and the cost of it is over one-third of the total budget (Ren et al., 2018). 

Many researches investigate the cutter wear process by laboratory test (Bruland, 2000; 
Frenzel, 2011; Rostami, 1997), numerical simulation with decent amount of analytical and 
empirical models (Hassanpour et al., 2014) for cutter wear prediction are proposed. Barzegari 
et al., (2021) present a chart of cutter life prediction from Cerchar abrasivity index (CAI) and 
the uniaxial compressive strength (UCS) according to case study. Karami et al., (2021) 
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correlate CAI and RQD (rock quality designation) to cutter life. It requires insightful under- 
standing on the cutter wear mechanism and geological conditions to implement these models 
on new tunneling project because 1) implicit correlation between lab-scale parameters and in- 
situ ones. 2) numerous potential parameters and large dataset leading to overwhelming work- 
load for main factor analysis. Besides cutter life, many studies regard reduction in cutter 
radius as a cutter wear measurement. These studies involve rigorous physical analysis on the 
tribological mechanism in cutter wear process (Wang et al., 2015, 2012; Yandong et al., 2021). 

The influential factors of cutter wear on field fall into 3 categories: machine, geology, and 
operation. The relation between cutter wear and in-situ parameters could be considered as 
a multivariate nonlinear regression problem. 

Artificial Neural Network (ANN), an emerging algorithm imitates the biological neural sys- 
tems by updating its parameters spontaneously from the difference between the ground truth 
and its prediction, has manifested its versatility in universal regression and classification tasks. 
ANN can be a competent candidate to enlighten the cutter wear prediction problem. Due to 
characteristic that the ANN model improves itself by propagating the error at the output side 
backward layer by layer to the input side, it is also known as back propagation neural network 
(BPNN). 

Despite its versatility, training an applicable BPNN model can be challenging due to: 1) 
easily converges at local minimum; 2) enormous possible combinations of hyperparameters. 3) 
loss decreases slowly (Dai and MacBeth, 1997). Optimization algorithms can enlighten these 
problems (Feurer et al., 2015; Whitley, 1994). For instance, neural network optimized with 
group method of data handling (GMDH) and genetic algorithm achieve over 0.9 R2 score on 
cutter life prediction. Despite their best models only incorporate operational and geological 
parameters. 

Here we present a case study where we estimate the reduction in cutter radius, 
a quantitative and direct measurement of cutter wear, by considering 14 parameters from 
operation, geology, and machine conditions. Two optimization algorithms are used to circum- 
vent the pitfalls in BPNN development. 


2 CASE STUDY 


2.1 General information 


The tunnel section locates in Guangzhou, China. It belongs to Guangzhou Metro Line 18 pro- 
ject. Figure 1 depicts the geological profile of the section. There are 4 cutter head maintenance 
within the section at ring 365, 371, 395, and 439. In each maintenance, experienced workers 
conduct manual inspections on the cutter head and measure the reduction on cutter radius. 
These manual inspections divide the tunnel section into 3 inspection sections. According to 
geological survey, the tunnel reveals slightly weathered granite strata in the third inspection at 
the depth from 20 to 23m. Frequent maintenance offers enough measured data for cutter wear 
investigation, and the mixed strata introduces complexity. 

A real-time operational parameter monitoring system is deployed in the TBM, which col- 
lects over 250 types of operational parameters per second. The cutter head is equipped with 35 
face disc cutters and they all contribute to the database. Gauge cutters and center cutters and 
more susceptible to normal wear, thus, excluded from the database in this case. 


2.2 Categorial influential parameter literature survey 


Selecting parameters of high impact on our object plays a vital role in the development of pre- 
diction models. With enormous candidates from engineering field with distinguishable back- 
ground, one need to be very cautious when picking input parameters. Picking the parameters 
with high impact on the output can not only results in higher chance of convergence but also 
increase the accuracy of the prediction. 
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Figure 1. Geological profile for the investigated tunnel section. It is divided into 3 inspection sections 
by manual maintenance with the range of the rings listed. The excavation reveals Medium Weathered 
Granite and Slightly Weathered Granite strata. 


Table 1. Literature survey of influential parameter for cutter wear in tunneling project using TBM. 


No. Parameters No. Parameters 
Operation Geology 
1 Advance rate” 19 Abrasivity Index 
2 Cutter rolling distance® 20 Basic RMR™ 
3 Earth Pressure 21 Cerchar Abrasivity Index” 
4 Excavation distance” 22 Cutter Life Index (CLI © 
5 Penetration rate*» 23 Geological Strength Index (GSI) © 
6 RPME® 24 Joint count (Jv) ® 
7 Thrust Force® 25 Rock Quartz Content ©®™® (%) 
8 Torque” 26 RQD (%)&) 

27 Specific Energy 

28 ves*”) 
Machine 
9 Blade angle™ 
10 Blade width” 
11 Cutter diameter™ 
12 Cutter head diameter 
13 Cutter spacing” © Rostami, 1997 
14 Cutter type: (Gauge, face, center) ® © Frenzel, 2011 
15 Disc cutter radius™ © Elbaz et al., 2021 
16 Installation radius” © Yang et al., 2018 
17 Number of cutters ® Bruland, 2000 
18 TBM diameter® (h) Hassanpour et al., 2014 


Table 1 lists the influential parameters choices for previous studies on disc cutter prediction. 

BPNN can automatically leverage the input parameters to give most accurate prediction to 
the ground truth. Additionally, BPNN can consider the interaction between the input param- 
eters with hidden neurons allowing us to use parameters with more accessible data in engineer- 
ing practice. 
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Select all the input parameters with over 5 times occurrence in Table 1. Use the mean value 
of all jacks as the thrust force. Cutter rotation speed can be calculated from the advance rate 
and penetration rate. 

The Rock Quality Designation (RQD) is included as a reflection of the surrounding rock 
condition. The characteristic of cutter materials would have predominant effect on cutter 
wear, hence, both yield strength and Rockwell Hardness (HRC) are taken. 

Additionally, we introduce some feature specifically for this case, which are buried 
depth and Used cutter or not. We found the tunnel lies in strata with gradually varying 
boundary in depth, and the earth pressure transducer measurement is under the combin- 
ing effect from excavation depth and thrust force. Including the excavation depth will be 
a good reference and auxiliary for earth pressure and thrust force. To improve economic 
efficiency, technicians replace worn-out inner face cutters, i.e., those with smaller instal- 
lation radius, with used outer cutters that are still in good status. Consequently, 
a feature is created to reflect whether the cutter is a used one or not as used cutters 
with rough surface is conducive to severe wear. Selected input parameters for this case is 
listed in Table 2. 


Table 2. Input parameters selected under consideration of current studies and 


accessibility. 

No. Input parameters No. Input parameters 

1 Thrust force 8 Advance rate 

2 Torque 9 RQD 

3 Blade width 10 Cutter hardness HRC 
4 Cutter diameter 11 Cutter yield strength 
5 Penetration rate 12 Earth pressure 

6 UCS 13 Buried depth 

7 Cutter installation radius 14 Used cutter or not 


3 MODEL DEVELOPMENT 


3.1 Dataset establishment 


Operational, Mechanical, and Geological parameters are sampled in different rates. 
Cutter head used in this project equipped with real-time data collection system, where 
earth pressure, thrust force, rotation torque, excavation speed, and depth are sampled 
per second. There are over 2, 862, 000 raw samples collected. To unify the sampling rate 
of parameters from different aspect, we represent the real-time data by their mean value 
for each ring. Gaussian distribution is applied to eliminate anomalies. Mechanical prop- 
erties, such as cutter diameters, installation radius, new or used, HRC, cutter ring width, 
and yield strength, are accessible from the documents from the manufacturer’s docu- 
ments. They usually have consistent value within a range of rings. Geological conditions 
along the tunneling section are revealed by site investigation reports, such as borehole 
and geophysics measurements. Data on rings between the sample points are interpolated. 
Rings with composite strata take the weighted average of UCS and RQD according to 
the ratio of the strata on tunnel face. 

Output parameters is the quantitative disc cutter wear described as the reduction in cutter 
radius. They are measured manually with the caliper shown in figure. Abnormal wear records 
cannot be quantified, thus, only the dataset only has normal wear records. Cutter wear of 
rings between two adjacent records are interpolated by the cutter wear prediction equation 
from YANG et al.(2018). 

Data for each parameter are normalized to range from 0 to 1. As shown in Figure 1, the 
section is divided into 3 inspection sections, which are randomly assigned into train or test set. 
Details shown in Table 3. 
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Table 3. Available inspection sections for each cutter. Number with are in test set. 


section available. 


implies not 


Cutter No. Section(s) No. Cutter No. Section(s) No. Cutter No. Section(s) No. 


S13 2 S25 23 S37 1*,3 
S14 1525 S26 2,3 S38 L23 
S15 2 S27 3 S39 25.3% 
S16 2* S28 2,3 S40 3* 
S17 - $29 1 S41 3 

S18 3 S30 3* S42 2* 
S19 - S31 Fr $43 1*).3* 
S20 2,3 S32 2,3" S44 3 

S21 3 S33 1,2,3 S45 15:3 
S22 3* S34 3 S46 2 

S23 1 S35 3 S47 3 

S24 2,3 S36 3 - - 


3.2 Algorithm 


The training process of BPNN models is optimizing the parameters of the neural net- 
work. It has many parameters that will be optimized according to the error calculated 
from loss function. The loss function is defined as the mean square error (MSE) 
between predicted and true disc cutter wear for each ring. The parameters are divided 
into layers according to their relationship. Individual parameters are also called as 
neurons for their similarity to biological neuron cells. While the number of neurons in 
input layers and output layers are always identical to the number of input and output 
parameters respectively. The number of neurons in hidden layers are customizable. To 
distinguish them from those can be optimized automatically, these parameters need 
manual determination are named as hyperparameters. Another important hyperpara- 
meters is learning rate, which determines the extent of change to be made on the 
parameters according to the error. 

But these models usually converge at local minimum. Seeking the appropriate hyperpara- 
meters is also tedious. We apply 2 optimization algorithms to tune the hyperparameters and 
overcome the local minimum pitfalls. They are the Sequential Model Based Optimization 
(SMBO) and Genetic Algorithm (GA). Their procedures are briefly demonstrated in the 
figure. 

SMBO construct a surrogate model for the hyperparameters combinations to reduce 
the time calling the time-consuming real model. The hyperparameters combinations put 
into the BPNN models are determined by maximizing the expectation from the surrogate 
model. Our surrogate model is a Gaussian Mixture model represented by Tree-structed 
Parzen Estimator. 

GA resembles the natural selection process. It starts by assigning certain number of parent 
individuals and let them produce children. Only those individuals with high score on the fit- 
ness function stay and keep producing next generation. The entire population evolves toward 
the selection criteria. The fitness function here is the same as the loss function of BPNN 
models. 


3.3 Training strategies 


According to Kolmogorov-Arnold representation theorem (Schmidt-Hieber, 2021), we design 
a 3-layer BPNN model with 1 hidden layer. It has 14 neurons and 1 neuron in input and 
output layers to be consistent with the number of the input and output parameters. The acti- 
vation function is sigmoid. Other hyperparameters for optimization algorithm are listed in 
Table 4. 
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Table 4. Hyperparameters for model and optimization algorithm. BPNN: back propagation neural net- 
work. LM: levenberg-marquadtz method. SMBO: squential model based optimization. GA: genetic algo- 
rithm. See references for details of the hyperparameters. 


Model/Algorithm Hyperparameter Range 
Number of the hidden neurons 5~14, step size=1 
BPNN with LM Damping coefficient 2~10, step size=1 
iterations 50~200, step size=10 
Initial distribution y 1.5 
SMBO Surrogate model Tree Parzen Estimator (TPE) 
Search times 100 
Population 10~50, step size =10 
GA Number of generations 50 
Mutation rate 0.001 
4 RESULTS 


Besides the selection criteria of the optimization algorithms, the mean square error (MSE) and 
coefficient of determination (R2) are introduced as the accuracy metrices for model evalu- 
ation. Equations (1) and (2) illustrate the mathematic definition of MSE and R2 respectively, 
where Y;, Y; are the true and predicted wear of the i-th sample respectively, Y is the mean 
value of all the n true wear samples. The two metrices are correlated, usually a model with 
lower MSE has R2 closer to 1. However, R2 can summarize how good the fit is without visu- 
alization examination. 


mse =1)~(¥i— i) (1) 
i=l 
BND 
pai 2al?) 2) 
Eu- P? 


From enormous candidates, model with highest R2 and MSE is regarded as the results of the 
optimization process. Each of the two optimization algorithms returns a model with their per- 
formance depicted in Figure 2. They both have excellent performance according to the R2 score 
above 0.9. SMBO and GA outperforms SMBO slightly with a higher R2 of 0.971 and lower 
MSE of 0.957. Figure 2a) and Figure 2b) have almost the same pattern. Sample points generally 
locate surrounding the dashed lines, which is consistent with the high R2 score values. Samples 
with small wear are near the original point. They attach to the prefect-fit line tightly. The cluster 
nearest to them with the second lowest wear values have points spread at the two sides of the 
dashed line. When a point lies above the line, it has a lower predicted wear than the true wear 
and vice versa. The two clusters with large wear lie totally in one side of the dashed line. However, 
the two large wear clusters do not exceed the 0.2 bias region, which means the prediction error is 
proportional the actual wear value. 

We define the cumulative error rate (CER) as the ratio of the prediction error to the true 
wear to facilitate error tracing. The detail value of wear of each inspection section in test set 
and their CER are listed in Table 5. SMBO model has more records in negative CER than 
GA does. For majority of the records, SMBO and GA have consistent CER, except for S16, 
S32(both), $43 (True wear=2mm), and S45. Among the inconsistent cutters, the two $32 
records have the smallest difference between SMBO and GA predictions. Despite a lack of 
cutters with number lower than S30, it is worth notice that S16, S43(True wear=2mm) and 
S45 all have small true wear of 2mm. The different mechanism of SMBO and GA can cause 
the inconsistency, while in an engineering practice perspective, overestimating the risk, or 
being conservative, is usually preferable. 
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a) SMBO b) GA 
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Figure 2. Predicted wear versus True wear on test set for model optimized with a) SMBO: sequential 
model-based method and b) GA: Genetic Algorithm. MSE: mean square error and R2: Coefficient of 
determination. Each sample point indicates total wear of all rings in an individual inspection section. 
Diagonal dashed lines depict R2=1.0 implying perfect fit. Points farther from the dashed line have larger 
difference between predicted and true wear. The upper and lower dash-dotted lines indicate plus and 
minus 0.2 biases from the perfect fit R2. 


Table 5. Detail values of test set true and predicted wear with their CER (cumulative error rate). Each 
record summarizes the wear of all rings within the inspection section. Negative CER are enclosed in brack- 
eted. Positive CER indicates overestimation and negative CER indicates underestimation. 


SMBO GA 
Cutter No True wear (mm) Predicted wear (mm) CER (%) Predicted wear (mm) CER (%) 


S16 2 1.906 (4.68) 2.106 5.31 
S22 6 4.823 (19.61) 5.261 (12.32) 
$30 10 10.477 4.77 10.682 6.82 
$31 1 1.238 23.77 1.139 13.86 
S32 5 4.979 (0.42) 5.131 2.62 
S32 11 10.98 (0.19) 11.14 1.28 
S34 10 11.573 15.73 11.668 16.68 
$37 2 1.608 (19.60) 1.743 (12.85) 
S37 15 14.198 (5.35) 14.262 (4.92) 
S38 7 5.879 (16.01) 5.708 (18.46) 
S39 16 13.637 (14.77) 13.887 (13.21) 
S40 15 14.177 (5.48) 14.605 (2.63) 
$42 5 6.442 28.85 6.386 ITI 
S43 2 1.606 (19.69) 2.122 6.12 
S43 17 15.286 (10.09) 15.393 (9.46) 
S45 2 1.55 (22.50) 2.241 12.07 


5 CONCLUSION 


14 parameters from the three main categories (machine, geology, and operation) are selected 
by thorough consideration on literature survey and accessibility. 

We exhibit the attempt on improving the back propagation neural network (BPNN) model 
performance with two optimization algorithms, sequential model-based optimization, and 
genetic algorithm, that are distinct from each other in concept. The best model from both 
optimization methods manifests analogous pattern with coefficient of determination as 0.969 
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and 0.971 respectively. Error tracing with the cumulative error of predicted wear versus true 
wear in each inspection section implies insufficient data in cutters with small installation 
radius and reveals the inconsistent biases in slight wear case for the two optimization algo- 
rithms. In the latter situation, model from genetic algorithm give more conservative prediction 
trending to overestimate true wear. 

The two potential sources of error will be examined by further research with dataset in 
higher level of completion. 
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ABSTRACT: Many processes can be replaced by digital twins to increase efficiency by per- 
forming actions that would be difficult to perform in the real world. This concept attracts 
increasing attention, especially for tunnel projects where real-world testing requires tunnel clos- 
ing during operation. Scenarios can be tested in a digital environment in full compliance to 
health and safety guidelines and without extra cost using a Digital Twin. It integrates various 
data repositories, processes, and applications such as BIM, Asset Management, Traffic Man- 
agement & Control, and Traffic Simulation to test and validate potential interactions around 
the asset - not only for scenario testing, but also for functionalities such as maintenance and 
operator training, design verification, and operation optimization. Furthermore, each of these 
activities and processes have their own toolchain and dataset, and use-cases are limited to the 
individual application. To employ the connectivity of this integration, it is necessary to create 
a single digital representation of the entire asset in which all project participants fulfill their 
responsibilities throughout the project life cycle. This paper explains the proposed “Managed 
digital twin” for tunnel operations with a case study of an existing tunnel project in Germany. 


1 INTRODUCTION 


1.1 Digital twin 


Digital Twin has become one of the most popular Industry 4.0 technologies. Construction engin- 
eering, as well as other engineering fields like manufacturing, aerospace and automotive are now 
progressively crucial for the digital twin. Digital twin applications can be review in four main 
product-lifecycle phases such as product design, manufacturing, operation and maintenance and 
recycling. (Hu, Zhang, Deng, Liu & Tan, 2021) Many construction processes benefited from digi- 
tal transformation in terms of reliability, high availability, rapidity, resourcefulness, and inter- 
operability. (Tao, Zhang, Liu & Nee, 2019) Digital Twin plays an important role to cover the 
gap between virtual and physical world not only for solving design problems before they appear 
during manufacturing but also it provides significant way to improve construction efficiency. 
(Méda, Calvetti, Hjelseth & Sousa, 2021) 

According to Hu, Operation and maintenance phase is second most used area of digital 
twin. Same research claims tunneling, and underground works is fourth most used industrial 
application. Digital Twin contribute to resilience of rail and road infrastructure networks. 
(Shen, Ling, Li, Feng, & Zhu, 2022). Another study shows the time span of research about 
life cycle phases of digital twin objects. Research about digital twin usage in operation and 
maintenance phase has been increased over years. There are several use cases for Digital 
Tunnel Twins such as testing lighting environment (Shen, Ling, Li, Feng, & Zhu, 2022) con- 
ducting tunnel inspections, tracking tunnel incidents, component life prediction, predictive 
maintenance, abnormality detection system, “what if” analysis, tunnel video surveillance etc. 
(Gao, Qian, Li, Wang, Wang & Q, 2021), (Opoku, Perera, Osei-Kyei & Rashidi, 2021), Wu, 
Chang, Li, & Cai, 2022) 


DOI: 10.1201/9781003348030-317 
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There are several studies about operation and maintenance of tunnels for decision analysis 
with data driven approach, ontology-based approach, virtual-real fusion application etc. On 
the other hand, BIM integrated operation and maintenance research studies on infrastructure 
projects is only 11 percent in other building types such as commercial buildings. (Abideen, 
Yunusa-Kaltungo, Manu, & Cheung, 2022) All these use cases integrate several data which 
acquire from different processes and systems such as BIM, GIS, local asset management sys- 
tems etc. However, few paper shows the use cases about traffic management integrated tunnel 
operation and maintenance. This paper studies following 1) integration between Building 
Information Modeling, Asset Management, Traffic Management & Control, and Traffic 
Simulation which called “Managed Digital Twin”, 2) Explains the roadmap of achieving 
Managed Digital Twin by illustrating and explaining each step 3) Representation of the inte- 
gration in existing tunnel project “Altona Tunnel” 


1.2 Achieving managed digital twin 


This section explains the roadmap of achieving “Managed Digital Twin” and its definition by 
giving examples. Details and real-world examples will be shared in further sections. 


Table 1. 


Pag 5 ts at 
Slot de Rage 


Roadmap of achieving “Managed Digital Twin”. 


Y 
=—- 
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Dynamic Digital Twin | Performance Digital Managed Digital 


Twin Twin 


Static Digital Twin 
Dynamic Digital Twin 
Tunnel Traffic Control Maintenance 
System Traffic Simulation Management (SLA) 


* Demonstrations/PoCs 
+ Acceptance Testing 
* Maintenance Training 


* Planning & Optimization 


* Scenario Simulation & 
Testing 


+ Operator Training 


Predictive & 
Preventive Mainten 


Comprehensive prediction 
of future performance and 
maintenance requirements 


Digital Twin considered as virtual representation of real-world objects with real-time data. 
Digital Twin can be used to increase efficiency by testing the outcomes of “what-if scenarios” 
especially for operation and maintenance phase. Digital twin can be used to perform actions 
that is costly or not possible to perform in physical world. The traffic and plant management 
system of the asset can be shown in digital twin with sensing and acting components such as 
variable message signs. Therefore, digital twin becomes dynamic with reflected systems and 
interface simulator. These interfaces considered as “Dynamic Digital Twin”. 

Adding traffic simulation to “Dynamic Digital Twin” helps to create “Performance Digital 
Twin” where performance of the asset can be simulated and optimized without interfering the 
real-world traffic flow. Traffic and Plant management platform is integrated all relevant infor- 
mation that is included in digital twin, and it interacts with monitoring system of the asset. 
Therefore, using managed digital twin predictive and preventive analysis can be planned, visu- 
alized, and trained in virtual world. “Managed Digital Twin” improves coordination and col- 
laboration during operation and maintenance even large and complex projects. 

Predicting design alternative is already used in design process. However, forecasting of oper- 
ation and maintenance actions are still in progress. (Ninić, Bui, Koch & Meschke, 2019) Artifi- 
cial intelligence integrated digital twins helps to incorporate the algorithms for real-time 
predictions based on models developed using data collected from smart sensors. Many research 
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show that digital twin with real-time predictions would help reduce planning resources and 
achieve better life cycle monitoring for future conditions of MEP Systems, prediction of tunnel 
pavement performance and forecasting life cycle costs. (Yu, Zhang, Hu & Wang, 2020) (Deng, 
Menassa & Kamat, 2021) 

Managed digital twin also improves the safety management by simulating the occurrences 
of the emergencies in a digital environment. Therefore, transportation organization and safety 
protection during maintenance work would be judged and protection measures can be made 
for further response. For example, implementing traffic control to reduce the occurrence of 
secondary accidents; carrying out rescue and evacuation to reduce casualties; removal of obs- 
tacles as soon as possible to restore traffic; and regular inspection of tunnel rescue equipment 
facilities to keep them in good condition. (Chen, Shi, Tang, Liu, & Wu, 2020) 


2 DIGITAL TUNNEL MANAGEMENT 


Before explaining the real-world example in section 3, this section illustrates advantages and 
use cases of each step that is implemented in Altona Tunnel digital twin. As it is explained in 
Section 1.2, each step shows the improvements in digital twin by integrating further system 
and services that is part of tunnel and traffic management. 


2.1 Dynamic digital twin: Adding traffic control system 


A Dynamic Digital Twin contains static digital twin functionalities supplemented by a traffic 
management system as well as the sensors and actors in the 3D representation of the asset. 
Therefore, the impact of the system can be experienced in a virtual world by protecting the 
status of the physical condition of the asset. A Digital Twin may contain dynamic objects 
such as detectors, variable message signs, CCTV, barriers, lighting etc. corresponding to real- 
ity. The full integration with control software allows controlling the dynamic objects in the 
digital model. One visual example of a Dynamic Digital Twin is the combination of monitor- 
ing systems with the digital model. For example, CCTV placements can be planned and 
tested. Virtual CCTV streams show the image from the different viewing angles and the most 
suitable positions of CCTV and AID cameras can be determined in the Digital Twin. 


Figure 1. CCTV placement, CCTV viewing angle and camera model. 


This complete control loop can be used for planning, verification, and commissioning, as well 
as acceptance testing and maintenance training. Traffic & Plant Management (Conduct+) plat- 
form has been integrated in a dynamic digital twin. The main task of the Traffic & Plant Man- 
agement Platform is controlling and monitoring the plant and traffic components of freeways 
and tunnels, integrating the various subsystems, and supporting automated responses. This plat- 
form provides full integration that allows (semi)-automated responses, connecting all subsystems. 

Such a traffic and plant management system are also a platform to gather information on traf- 
fic and environmental conditions within and around the tunnel. It is typically used by an operator 
to monitor and manage the equipment status and follow up the corrective maintenance activities 
for sub-systems such as automation system, door monitoring system, tunnel lighting systems, ven- 
tilation system etc. The system shows incident situations, traffic alerts, device alarms, fire alarms 
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and response plans. For example, after a fire alarm has been received and/or the fire alarm control 
panel has been triggered, a response plan can be automatically or semi-automatically started, 
which then triggers the ventilation, adjusts the lights as well as changes the variable message 
signs. Equipment such as lane usage signs, variable message signs, traffic signals, doors have been 
modelled in 3D and act as dynamic objects according to the commands they receive from the 
traffic management system. That way, Dynamic Digital Twin not only represents physical com- 
ponents at their locations, but also reflects the interaction between components and the traffic 
management platform. The integration of the digital twin and the traffic and plant management 
system facilitates decision making and raises overall productivity by providing faster access to 
operational data. Another advantage of locating equipment in a 3D environment is that service 
request operation would become faster. Using BIM models when creating digital twins would 
assist in minimizing data re-entry of redundant data as BIM models serve as a central source of 
information that supports all tasks throughout the building’s entire life cycle. (Shalabi & Turkan, 
2017) 


2.2 Performance digital twin: Integrating traffic simulation 


Additionally, to design verification and planning of commissioning, a digital twin can show the 
outcome of the design. These simulations aren’t limited with demonstrations for equipment 
placement like CCTV cameras. Gaming engines like Unity would be used for creating realistic 
simulations using the same 3D model of the tunnel that is created during design phase and 
updated during construction phase. Using same information in every process also reduces the 
risk of data loss or data re-entry. Another important advantage of using performance twin is 
checking the sight of lane before its constructed in real life. Performance twin also helps to show 
how tunnel systems and tunnel design will look like with the traffic flow without the tunnel oper- 
ated. Therefore, time and cost waste will be eliminated. This sight of the vehicle can be adjusted 
by different height of different vehicles. Therefore, placement of the traffic sign or any other 
objects on the tunnel ceiling can be verified using this simulation by changing the height accord- 
ing to the vehicle such as truck or passenger car. Installed equipment such as lighting fixture and 
traffic signs can be adjusted to proper location and/or size based on the simulation of driver lane 
sight as it has shown in below figure. Adding traffic simulation to the digital twin will provide us 
clear understanding of the traffic control performance in different scenarios from low-peak to 
peak-hour situations. Using the same base information in every process such as models and 
maps reduces the need for data re-entry or inconsistent data in different systems — such as the 
traffic simulation, the traffic control system, or the asset management system. On the other 
hand, optimizations can be detected and tested easily with traffic simulation. 


2.3 Managed digital twin: Improvements with predictive maintenance and simulations 


During the infrastructure’s operation and maintenance phase, the Managed Digital Twin sup- 
ports achieving and optimizing key performance indicators such as road network and/or system 
availability as well as road capacity utilization. The Digital Twin can simulate and visualize 
scenarios such as capacity expansion, for example, by simulating hard shoulder releases, or the 
traffic impact of a construction site. The Managed Digital Twin verifies action plans such as 
traffic response plans using traffic simulation and assists in achieving economic and environ- 
mental indicators such as reduced congestion, optimized journey time, and reduced emissions 
through constant traffic flow. Many operation and maintenance activities can be planned under 
several scenarios using a Managed Digital Twin. Creating scenarios in a digital environment 
helps to achieve safe tunnel operation, minimum operating condition adherence and optimized 
traffic through put. These whole digital preparation before tunnel operation helps to verify local 
environment in different scenarios and training of personnel in digital twin. For example, the 
monitoring detection systems report unnormal indicators of a ventilator in tunnel. Traffic and 
Plant Management platform simulates the impact of the possible failure of ventilator regarding 
minimum operator condition of the tunnel and recommends a maintenance strategy like imme- 
diate replacement. Traffic simulation determines the ideal timing for the implementation of the 
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maintenance strategy by analyzing the impact on the traffic. Therefore, safety management 
requirements can be fulfilled in the most efficient way. It is possible to modify parameters that 
influence the demand, oversee the progression of the results under various parameters, and gen- 
erate repeatable simulation studies of demand by analyzing the digital twin. The operation of 
traffic simulation can be employed to forecast and detect changes in traffic flow, control traffic 
signals, react to incidents, test vehicle limits in terms of traffic congestion and controller valid- 
ation. This method facilitates in the recognition of issues and offer timely notices. (Wu, Chang, 
Li, & Cai, 2022) (Peng, Zhang, Yu, Xu, & Gao, 2020) 

Managed digital twin is not limited with usage of the asset by defining predictive traffic simu- 
lation and planning emergency scenarios under health and safety requirements. Predictive main- 
tenance is improved step of “Managed Digital Twin”. Predictive maintenance information 
created and employed for various construction projects. (Peng, Zhang, Yu, Xu, & Gao, 2020) 
provides solid example for Air Handling Unit Fault prediction. The fault prediction can be pos- 
sible by creating prediction rules from time-series monitoring data tracking abnormal data 
changes. Similar methodologies used for predicting life span of the tunnel in terms of damages 
and steel structure components. During operation and maintenance phase, predictive mainten- 
ance helps to understand dependent actions and maintenance scheduling. Additionally, the solu- 
tion for predicted problem allows tunnel management by displaying information for (non- 
specialized) stakeholder engagement and interaction. Moreover, it assists users in comprehend- 
ing operational figures like status, availability, and accessibility numbers. (Tijs, 2020) 

Managed digital twin also supports training of the operators to the installation of the control 
system and afterwards by allowing repetitive training sessions on extensive training scenarios. 
In addition, more visualized training environment is needed. Better training directly benefits 
facility managements by minimizing mistakes and improving tunnel processes. (Tijs, 2020) 


3 A7 ALTONA TUNNEL 


3.1 Introduction to A7 Altona Tunnel project 


The Autobahn A7 is Germany’s most important national north-south connection. It is also 
the longest German Federal highway which is 962.2 kilometers in length. The expansion of 
the A7 North of the Elbe tunnel to six and eight lanes began in 2014. During this expansion, 
in addition to other extensive noise protection measures, three noise protection covers were 
also constructed on the A7. The Altona Tunnel project is the project that connects the Eastern 
and Western areas of Othmarschen and Bahrenfeld. The scope of the Altona Tunnel project 
included an extension to eight lanes from Orthmanschen to As HH Volkspark. The approxi- 
mately 2,230-meter-long tunnel is used by more than 154.000 vehicles daily. It has been fore- 
casted 165.000 vehicles by the end of 2025. 66 roadside control cabinets have been planned for 
Altona Tunnel. Several other sensors, detectors and other devices have been added and inte- 
grated with the Traffic Management System. These include lane condition sensors, contactless 
lane edge sensors, roadside control cabinets, radio systems, weather condition sensors, cross 
section radar detection, barriers (automatic/manual), continuous light signs, variable message 
signs and traffic control panels. These all installations have been shown in the digital twin as 
it shown in Figure 2. 

The Hamburg Altona Tunnel digital twin utilized Navisworks model data as well as OSM 
(open Street Map) sources to create the Static Twin. Source Navisworks model required 
manual adjustments in gaming engine Unity such as Positioning model in the target coordin- 
ate system, manually postprocess gaps/overlaps/duplicates in 3D model, Supplement objects/ 
surfaces for road, walls, signs etc. and Merge information (Terrain/2D/3D) from OpenStreet- 
Map. 3D assets such as plants, surroundings etc. has been added as well. 

Integrated in the Altona Tunnel digital twin are the traffic simulation and the tunnel man- 
agement platform. The tunnel management platform shows the location of the lane usage sign 
(LUS) in the tunnel with the ability to change the content. Lane Usage Sign (LUS) are used to 
indicate the operational status of each lane and can display different sign contents. LUS 
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Figure 2. Altona Tunnel BIM model in navisworks. 


devices can be set to Online/ Offline using the commands under “Device state” section. The 
LUS can display 4 aspects/ control states- Blank, red cross, green arrow & Amber cross flash- 
ing. Each icon represents different status of the respected lane. In this use case, the Digital 
twin reflects the traffic signs change according to the command coming from the traffic man- 
agement platform. Based on the sign content, the traffic simulation considers the change in 
behavior of the vehicles. That way, different response-plans can be tested, and their impact 
evaluated for different weekdays, times of day as well as special traffic situations. Figure 
below show the change of the traffic sign of the gantry beginning of the Behringstrasse. When 
the lane usage sign is changed from green arrow to red cross to indicate a lane closing, it is 
directly visible in the Digital Twin of Altona Tunnel. This change also can be visualized in 
a virtual reality environment as seen in below. 


Figure 3. Lane usage system in digital twin with the icon switch (from red cross to green arrow). 


Figure 4. Lane usage system in Conduct+ with the icon switch (from red cross to green arrow). 


In Altona Tunnel project, traffic simulation has been prepared based on the properties in 
the study area. Based on the traffic jams at rush hour in the study area, proportion of different 
vehicles, inefficient use of road capacities due to uncooperative driving behavior in the mer- 
ging area, realistic traffic model has been prepared. Traffic simulation has been calculated 
with traffic counts at measurement of cross-section in the study area for a at least two differ- 
ent time periods/days. 
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Behringstralse 


Figure 5. Traffic simulation in digital twin. 


3.2 Altona tunnel digital twin and VR experience 


(Sepasgozar, 2021). research the studies between 2011-2020 that integrates “digital twin” keyword 
and “Virtual reality” theme. This research shows applications in the VR dataset were mostly 
used for educational game and training, defect management, and design objectives. However, the 
VR literature shows that the body of knowledge for the built environment, including construc- 
tion, lacks direction. Some research shows VR devices used for tunnel inspection allowing remote 
stakeholders to provide expertise on it. (Coupry, Noblecourt, Richard, Baudry & Bigaud, 2021) 
VR training applications using digital twin improve the awareness of real situations through real 
environment and enables the user interacting with physical space while realizing the virtual space. 
(Ke, Xiang, Zhang & Zuo, 2019) 


Figure 6. Lane sight from truck driver perspective. 


During Altona Tunnel project, exporting file to related data format and importing it gaming 
engine cause some errors in the geometry such as holes, overlaps, and duplicates. Therefore, some 
manual works have done to get sufficient information for better visualization such as roadway, 
formwork, and some object details. Illustrates simulation of a truck driver’s perspective of the 
road, road markings, and traffic signals, along with other features. The simulation can also be 
examined in a virtual reality environment experience makes possible to derive end user perspective 
on tunnel design, timing of traffic signs and dimension of the equipment and other traffic signs 
with driving mode of digital twin. It enables the observation of multiple perspectives from various 
types of vehicles such as a truck and a passenger. It also enables “live” demonstrations of the 
reactions of the control system to stakeholders and it creates better understanding for meetings. 
Therefore, discussions around the system and the services becomes easy to define even though the 
decision makers are from different background. 


4 CONCLUSIONS 


This study combines digital twin functionalities, traffic and plant management system and 
traffic simulation to achieve exact digital representation of the tunnel with traffic interaction. 
This integration and benefits to the facility managers explained with Altona Tunnel project. 
These benefits are providing data for performance testing of the control system, training oper- 
ators, enabling decision makers to have better understanding, demonstration of capabilities of 
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traffic simulation and verification of functionalities of traffic management and testing specific 
scenarios. Benefits that are outlined in this study is limited to functional benefits such as staff 
training and performance testing. Future studies can be conducted for managerial benefits 
such as human resource and/or cost reduction. Future studies related to this study can also 
include further improvements for predictive maintenance activities simulations and explan- 
ations of its applications in real life. Challenges and disadvantages may be discussed in further 
studies. 


REFERENCES 


Hu, W.; Zhang, T.; Deng, X.; Liu Z. & Tan J., 2022, Digital twin: a state-of-the-art review of its enabling 
technologies, applications and challenges, Journal of Intelligent Manufacturing and Special Equipment, 
Volume 2 Issue 1 

Tao, F.; Zhang, H.; Liu, A. & A. Y. C., Nee, 2019, Digital Twin in Industry: State-of-the-Art, IEEE 
Transactions on Industrial Informatics, Vol. 15, No. 4 

Mêda, P.; Calvetti, D.; Hjelseth, E. & Sousa, H, 2021, Incremental Digital Twin Conceptualisations Tar- 
geting Data-Driven Circular Construction, Buildings, Vol. 11, No.554 

Ninić, J., Bui, H.-G., Koch, C., & Meschke, G. (2019). Computationally efficient simulation in urban 
mechanized tunneling based on multilevel BIM models. Journal of Computing in Civil Engineering, 
33(3). https://doi.org/10.1061/(asce)cp.1943-5487.0000822 

Gao, Y., Qian, S., Li, Z., Wang, P., Wang, F., & He, Q. (2021). Digital Twin and its application in trans- 
portation infrastructure. 2021 IEEE 1st International Conference on Digital Twins and Parallel Intelli- 
gence (DTPI). https://doi.org/10.1109/dtpi52967.2021.9540108 

Opoku, D.-G. J., Perera, S., Osei-Kyei, R., & Rashidi, M. (2021). Digital Twin Application in the con- 
struction industry: A literature review. Journal of Building Engineering, 40, 102726. https://doi.org/ 
10.1016/j.jobe.2021.102726 

Wu, Z., Chang, Y., Li, Q., & Cai, R. (2022). A novel method for tunnel digital twin construction and 
virtual-real fusion application. Electronics, 11(9), 1413. https://doi.org/10.3390/electronics11091413 

Abideen, D. K., Yunusa-Kaltungo, A., Manu, P., & Cheung, C. (2022). A systematic review of the extent 
to which BIM is integrated into operation and maintenance. Sustainability, 14(14), 8692. https://doi.org/ 
10.3390/sul14148692 

Yu, G., Zhang, S., Hu, M., & Wang, Y. K. (2020). Prediction of highway tunnel pavement performance 
based on Digital Twin and multiple time series stacking. Advances in Civil Engineering, 2020, 1-21. 
https://doi.org/10.1155/2020/8824135 

Deng, M., Menassa, C. C., & Kamat, V. R. (2021). From BIM to Digital Twins: A systematic review of 
the evolution of intelligent building representations in the AEC-FM Industry. Journal of Information 
Technology in Construction, 26, 58-83. https://doi.org/10.36680/j.itcon.2021.005 

Chen, L., Shi, P., Tang, Q., Liu, W., & Wu, Q. (2020). Development and application of a 
specification-compliant highway tunnel facility management system based on BIM. Tunnelling and 
Underground Space Technology, 97, 103262. https://doi.org/10.1016/j.tust.2019.103262 

Shalabi, F., & Turkan, Y. (2017). IFC BIM-based facility management approach to optimize data collec- 
tion for corrective maintenance. Journal of Performance of Constructed Facilities, 31(1). https://doi. 
org/10.1061/(asce)cf.1943-5509.0000941 

Peng, Y., Zhang, M., Yu, F., Xu, J., & Gao, S. (2020). Digital Twin Hospital Buildings: An exemplary 
case study through continuous lifecycle integration. Advances in Civil Engineering, 2020, 1-13. https:// 
doi.org/10.1155/2020/8846667 

Tijs, K. (2020) Digital tunnel twin: Enriching the maintenance & operation of Dutch tunnels. MSc Thesis, 
Available at https://www.cob.nl/document/digital-tunnel-twin/ 

Sepasgozar, S. M. (2021). Differentiating Digital Twin from Digital Shadow: Elucidating a paradigm shift 
to expedite a smart, sustainable built environment. Buildings, 11(4), 151. https://doi.org/10.3390/ 
buildings11040151 

Coupry, C., Noblecourt, S., Richard, P., Baudry, D., & Bigaud, D. (2021). BIM-based digital twin and 
XR devices to improve maintenance procedures in smart buildings: A literature review. Applied Sciences, 
11(15), 6810. https://doi.org/10.3390/app11156810 

Ke, S., Xiang, F., Zhang, Z., & Zuo, Y. (2019). A Enhanced Interaction Framework based on VR, AR and 
MR in Digital Twin. Procedia CIRP, 83, 753-758. https://doi.org/10.1016/j.procir.2019.04.103 


2642 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Tunnel euralpin lyon turin CO8- Design of temporary support 
profile of base tunnels and cross-passages 


A. Ettaouil 


Pini Group, Paris, France 


G. Ragazzo 
Systra-SWS, Torino, Italy 


J. Pepiot 
JV ImplenialNGE-GC/Itineral Rizzani De Eccher 


B. Bitetti 


Pini Group, Paris, France 


L. Peano 
Systra-SWS, Paris, France 


F. Rich 


Pini Group, Paris, France 


ABSTRACT: The new Lyon-Turin railway project involves the construction of a 57 km 
twin-tube tunnel between France and Italy. Pini France and Systra-SWS are the designers of 
the construction site 8 (CO8). This part of the project includes the construction of the tunnel 
portal on the Villard-Clément platform, two 2.8 km long tubes of the base tunnel in the direc- 
tion of Saint Martin la Porte, the cross-passages between tubes and the niches. 

This paper presents the general approach followed to design each temporary support for the base 
tunnel, cross-passages and technical rooms. The design of the primary lining profiles deals with the 
variability of the ground and water conditions, the excavation attended behaviour, the construction 
planning and the identified geological hazards that could be encountered along the alignment. 

Particular attention is paid to the intersections between the tunnels both in terms of numerical 
modelling and construction methods and phases. Two types of intersections are present in the 
project: the one between the cross-passages and the base tunnel and the one between the cross- 
passages and the technical rooms. 3D models have been developed for the tunnel intersections. 


1 INTRODUCTION 


1.1 General description of the project 


The cross-border section of the new Lyon-Turin line is a new railway line of approximately 
67 km linking Saint-Jean-de-Maurienne to Susa in Italy where it connects to the historic Turin- 
Modane line. In particular, the line requires the boring of a 57.5 km two-tube tunnel with one 
track in each direction, known as the “Montcenis base tunnel”, and the boring of a two-tube 
tunnel of about 2 km between Susa and Bussoleno, known as the “Interconnection tunnel”. On 
the French side, the infrastructure of the base tunnel is divided into 4 Operational 
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Worksites known as “Chantier Opérationnel” (CO) named from 5 to 8, including CO08 
(Construction work on the base tunnel from the Villard Clément portal). 

The works of CO08 include the construction of all the structures of the future base tunnel 
over a length of approximately 3.8 km for each tube (including the communication cross pas- 
sages, the niches and the installation of external conveyor bands for the evacuation of mater- 
ials) as well as a 150 m long Cut & Cover, backfilling and definitive surface installations. For 


these CO08 structures, the work includes pre-support, excavation, support, waterproofing, 
final lining, and facilities. 
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Figure 1. Project synoptic of CO08. 


1.2 Geological background 


The CO08 project is located in the outer Alps, crossing soft ground “Saint-Julien-Montdenis” 
and rock “Ultra-Dauphinoise”: 
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Figure 2. Geological long profile, CO08 Tunnel. 


The section of the base tunnel crosses, from the West portal: 


— The recent unconsolidated deposits of the “Saint-Julien-Montdenis” alluvial cone. 


Table 1. Geotechnical characteristics of the deposits of the Saint-Julien-Montdenis alluvial cone. 


Base y Em P: E (og o' Ko K 
Soil [mNGF] [kN/m?3] [MPa] [MPa] [MPa] [kPa] [°] [-] [m/s] 


3d Cone St Julien (grossier) 558 22-24 40 3 160 0 35-37 0,43 1,00E-06 
4a Alluvions de l’Arc < 546 22-24 50 3 200 0 37-39 0,40 1,00E-04 


— The “Flysch schistose” (eFs) over a multi-hectometric length. It includes a multi- 
decametric intercalation of sandstone Flysch facies (e7G). 
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— The “Flysch schisto-sandstone” (eFsg). It includes a fine intercalation of conglomeratic 
sandstones (eBr) and especially several olistolites of Cretaceous terrains (ol-ci and ol-cs) 
whose expected thickness at the level of the tunnel should exceed 100 m and potentially 
reach 200-300 m. 


Table 2. Geomechanical characteristics of the rocks of the “Ultra-Dauphinoise” zone and maximum 
ground cover. 


GSI Ga Hax Y E; Oom. E, c' o' 


Formation ra. [MPa] [m] mil] [kN/m3] [GPa] [MPa] [GPa] [MPa] [°] 
eFs 54 52 220 1,8 24,9 21,8 4,4 6,5 1 27 
e7G 54 12 220 11,0 26,5 49,8 22,1 14,7 2 50 
ol-cs 38 24 432 3,2 27,3 13,6 1,6 1,4 0,5 18 
eFsg/eBr 38 37 418 3,9 27,1 13,7 2,7 1,4 0,7 22 


2 MAIN CONSTRAINTS OF THE SITE: RISKS AND HAZARDS 


The main constraints of the project are related to geological, hydrogeological and geomecha- 
nical conditions. These can be distributed between the soft zone of the Saint-Julien-Montdenis 
alluvial cone and the rocky zone of the “Ultra-Dauphinoise” zone. 


2.1 Soft zone 


— Stratigraphy: The position of the interfaces contains inaccuracies and interpretations linked 
to the construction method and the absence of boreholes at the axis of the tunnel. 

— Presence of blocks: the presence of blocks up to 2m in diameter in the project sector has 
already been confirmed during the previous study and geotechnical investigations. 

— Geotechnical characteristics: the geotechnical characteristics provide ranges of specific geo- 
technical parameters. The risk lies in the occurrence of ground of poor geotechnical quality 
which can lead to face instabilities and surface settlements. 

— Water levels and confined aquifer: The available piezometric data do not make it possible 
to resolve the uncertainties related to water levels and to decide on the presence and pos- 
ition of a possible confined aquifer. 

— Permeability: permeability is a sensitive parameter to estimate, and likely to present significant 
variations locally, especially in a heterogeneous environment which is concerned by the project. 
The risk lies on the occurrence of permeability values or water loads significantly higher than 
the values defined in the studies. This can lead to very high-water inflows (> 50I/sec). 


2.2 Rocky zone 


— Insufficient number of investigations: the boreholes drilled under the CO08 project are very 
few. In addition, many of the boreholes carried out do not reach the depth of the tunnel or 
are very off-centre from the axis of the tunnel (> 100 m). 

— Insufficient number of in situ laboratory tests: the number of surveys and laboratory tests 
of samples was also insufficient, and the information is averaged over a limited number of 
samples. The analysis of the discontinuities carried out from the surface cannot predict 
those which may occur hundreds of meters deep at the side of the tunnel. 

— Groundwater level: the position of the groundwater inside the rock mass and therefore the 
hydraulic head acting on the tunnel is very uncertain. Indeed, the number of existing piezo- 
meters reaching the bedrock is very low (3 piezometers) and some are not effective. 

— Presence of faults: Based on the data collected on the surface, the presence of a fault is probable. 
However, the position and the associated geomechanical characteristics are totally unknown. 

— State of stress: the initial state of stress is quite uncertain. 
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3 APPLICATION OF TEMPORARY SUPPORT 


3.1 Soft zone 


As specified in §1.2, the tunnel crosses a soft zone that has poor geotechnical characteristics 
(c = 5 kPa and 9' = 35-37° and E' = 160 MPa). The support adopted for this site (approxi- 
mately 500m) is made up of heavy steel ribs (HEB200 spaced every 1m) coupled with a layer of 
20cm fiber-reinforced sprayed concrete of the C30/37 type. The excavation is carried out under 
an umbrella pipe (40 units ©114.3/6.3 m long 17.50 m and covering 3.50). The tunnel face is 
reinforced using fiberglass bolts (25mm, 20m length, 6ml overlap with 1.15m x1.15m mesh). 
Taking into consideration the constraints and the methods of execution, a split-section excavation 
was proposed. The studies were adapted to ensure the stability of the excavation by considering ele- 
phant feet and horizontal struts made as the work progresses. A longitudinal steel reinforcement 
following the advancement of the tunnel face is made inside the elephant feet to ensure the stability 
of the primary lining during the “stross” excavation and the installation of the tunnel invert support. 


Figure 3. BIM model S7 support class and detail 3D model of the steel ribs. 
3.2 Rocky zone 


3.2.1 Risk assessment approach 
The expected behavior was defined according to the rock mass quality and the radial deform- 
ation and the extension of the plastic zone. According to Russo’s method (2008), 6 behavioral 
categories were defined (from “a” to “f’”). 

The main geomechanical hazards were identified by combining the stress-strain with geos- 
tructural analyses of the rock mass quality (Figure 7). 

The same risk assessment approach was followed for both tunnel and cross-passages. 


Rock mass 
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— Immediate collapse of tunnel face 


Notes: (*) Russo and Grasso, 2006; &)=radial deformation at the face; Ra/Ro=plastic radius/radius of the cavity, 
,=Max tangential stress; 6,.,=Tock mass strength. The limits of shadow zones are just indicative 


Figure 4. Classification scheme of the excavation behaviour. 
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3.2.2 Tunnel design 

For each lithology crossed, we built a matrix of behavior classes according to RMR classes 
and excavation covers. To do this, we evaluated for each case study the radial deformation at 
the face of the tunnel (59), obtained by the equation proposed by Hoek, et al (2008), from the 
competence index: 


ôo = 0,006 -1C7!* ; IC = 


Where, Gem = Uniaxial compressive strength of the rock mass; JC: rock mass competence 
index (obtained by Russo 2008 formulation); H = cover and y = Unit weight. 

The plastic radius of excavation (R,1) based on the formulation of Hoek, Carranza-Torres, 
Corkum (2002). 

For example, for the “eFs” lithology, and according to the matrix below, the works teams 
can adapt the temporary profile according to ground conditions (RMR classification of the 
retaining load) and according to the overburden. 


Table 3. Radial deformation and plastic radius of excavation according to 


RMR classification. 

Overburden[m] 
RMR 100 200 
Classe I 59 = 0,0019 % - a/b ôo = 0,0052 % - a/b 
(60 < RMR < 80) R,/R < 1 - a/b R,/R = 1,17 -c 
Classe HI õo = 0,0064 % - a/b ôo = 0,0176 % - a/b 
(40 < RMR < 60) Rp/R = 1,01 -c R,/R = 1,28 - c 
Classe IV do = 0,1233 % - c do = 0,3368 % - c 
(20 < RMR < 40) Rp/R = 2,35 - d R,/R = 4,26 — e/f 


Then, we associated the expected behaviors based on the Russo diagram presented in §3.2.1. 
Based on the design data, we linked each type of behavior to the appropriate support profile. 


Table 4. Identified risks and sections type applied for tunnel in the “eFs” lithology. 


Overburden [m] 


RMR 100 200 

Class II 

(60 < RMR < 80) Rockfall (S2) Rockfall (S2) 

Class II ; B , 

(40 < RMR < 60) Wedges instability (S3a) Caving (S4) 

sree Caving (SSa) Sever Squeezing* (S3b) 


(20 < RMR < 40) 


* Strain (= tunnel wall displacement/tunnel radius) between 2,5% and 5%, Hoek et al. 
(2000). 


3.2.3 Modelling and calculation 
The choice of the calculation approach is based on the assimilation of the ground to a continuous 
or discontinuous medium according to the diagram of the recommendation GT30RIF1 of the 
AFTES. These diagrams consider on the X-coordinates the stress criterion (competence index) 
and on the Y-coordinates, the geometric criterion relating to the main dimension of the excavation 
D, (dimension of the excavation) and D, (average dimension of the blocks). 

Depending on the calculation approach, continuous or discontinuous, we adapted our 
modeling. 
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Figure 5. Classification of the rock mass (continuous or discontinuous) - AFTES (GT30R1F1). 


Continuous approach: 


— 2D finite element calculation on Plaxis 2D software in continuous medium. 
— Analytical calculations with the method of Chern et al. (1998) to estimate the correspond- 
ing deconfinement rate. 


Discontinuous medium: 


— Limit equilibrium method of rock corners with the “UNWEDGE” software. 


4 CROSS-PASSAGES DESIGN 


The CO8 package includes 11 cross-passages, excavated with conventional method. Three (3) 
of them will be excavated in soil and eight (8) in rock mass. From the functional point of 
view, two types of cross-passages are foreseen: 


— RO: simple cross-passage connecting the two tubes of the main basis tunnel. 
— RI: cross-passage connecting the two tubes of the main basis tunnel and housing the tech- 
nical rooms. 


This chapter focuses on the aspects related to the excavation and the support measures, 
applied according to the type of ground and the geomechanical risks. 

Following the design approach of identification of the main hazards described in the §3.1, 
the predominant risks and the suitable sections type were identified for each cross-passage and 
compared with the support cross sections applied in the main tunnel. 

Referring to the risk assessment approach explained in §3.1, as regards cross-passages, the 
main risks were identified in the different expected lithologies as shown in the following 
tables. 


Table 5. Identified risks and sections type applied for cross-passages in the “eFsG” lithology. 


Overburden[m] 
RMR Class 180 200 230 
RMR III Wedges instability (S2) Wedges instability (S2) Caving (S3) 
Very severe Very severe 
RMR IV Squeezing* (S4) Squeezing** (S4) Squeezing** (S4) 


* Strain (= tunnel wall displacement/tunnel radius) between 1% and 2,5%, Hoek et al. (2000). 
** Strain (= tunnel wall displacement/tunnel radius) between 5% and 10%, Hoek et al. (2000). 
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Where the cross-passages are supposed to be excavated in soil, the S7 section type is applied 
to withstand the risk of severe caving and collapse. The sections type can be, thus, grouped 
into two types: 


— Bolted sections type: such section is designed for good rock mass quality where the behav- 
iour is mainly elastic and related to the rock falling. 

— Sections type with steel ribs: such section is applied in soil and in rock mass of medium-low 
quality to withstand an elastic-plastic ground behaviour. 


All the cross-passages have been represented in 3D with geo-referenced BIM models and 
with a high detail level with the aim of: 


— Develop the graphic production of integrative sections and profiles according to the needs 
encountered during the construction period. 

— Allow the integration of the as-built phase through corrections/annotations directly on the 
model to provide a view on every small variation compared to design phase. 

— Reduce the error margin in the calculation of all quantities and allow the development of 
4D simulations. 


For example, figure below shows a screenshot of the 3 first cross-passages from our BIM 
model (non-georeferenced). 


GNR.0010 


GNR.0030 


Figure 6. BIM models of temporary support of the three cross-passages excavated in soil (Steel ribs + 
20 cm fiber-reinforced sprayed concrete + umbrella pipe + fiberglass bolts in tunnel face). 


5 INTERSECTIONS 


The design of the tunnel/cross-passages intersection was developed according to the following 
work phases: 


— Excavation and installation of the support for the base tunnel with possible precautionary 
measures for the future excavation of the cross-passage. 

— Installation of additional support at the intersection. 

— Installation of the cross-passages pre-supports for the sections type where needed (forepol- 
ing, umbrella pipes, face reinforcement, etc.). 

— Excavation and support of the beginning of the cross-passage starting from the base tunnel. 

— Excavation of the cross-passages according to the planned cross section. 

— Installation of the waterproofing system and the final lining. 


Intersection design was carried out by BIM modelling and 3D finite element analyses. 

In fact, such intersections represent singular points involving stress concentrations, difficult 
to interpret with two-dimensional models. In the same way, a three-dimensional representa- 
tion allows to fully understand the problems related to the installation of temporary supports, 
waterproofing system, drainage, reinforcements and lining. 

For these reasons, the whole design uses the most advanced tools currently available. An 
example of the BIM model in case of bolted section is shown hereafter. The same approach 
was followed for the intersections between the cross-passages and the technical rooms. 
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Figure 7. Tunnel S2-S3a/Cross-passage S2 intersection. 


6 PLANNING OPTIMIZATION 


6.1. Tunnel in soil 


The first 500m of both tubes are excavated with conventional method in soft and heterogen- 
ous soil. To overcome this challenge, the sequence of work and machinery were determined by 
the site team to improve workers safety, reduce delays and costs. 

The sequence of work starts with preliminary support by umbrella vault and front face nail- 
ing. The umbrella vault was built with a large two-boom type EGT 4022 allowing to drill and 
equip 18m self-drilling @114 pipes. Ground face stabilization was ensured by 76 bolts of 20m 
long, drilled and grouted thanks to a two-boom jumbo drill rig in order to limit human inter- 
ventions at the front. 

Then, every one-meter, excavation team excavates and supports the upper section with 
HEB200 steel ribs on elephant feet and 30cm layer of fiber reenforced shotcrete. 

In parallel with the pre-support activities, the workers excavate and complete the support of 
the tunnel invert several tens of meters behind the face. 


6.2 Cross-passages 


Three (3) cross passages will be built in soft ground. In such environment and considering the 
excavation method in this area, special attention is given to the connections. 

The adaptation of junctions between tunnel and cross passages is planned to fit in as well as 
possible with the tunnel excavation cycle. The tunnel excavation section is widened at the 
approach to the branch. A reinforced concrete shell is sprayed around the footprint of the 
branch in the excavation cycle. In the same way, immediately after the excavation of the 
tunnel invert, the reinforcement shell is completed. 

Once the entire work train has passed through each of the two tubes, the pre-support of the 
cross passage is carried out using a self-drilling canopy and bolting of the face. A specific one- 
boom automatic jumbo is dedicated to the task. The excavation by rock hammer and support 
of the branch begins from the tube which is further ahead of the other. 


7 CONCLUSION 


This article describes the various risks and hazards associated with the digging of the CO08 
tunnel. We have proposed an approach, based essentially on the method of Russo (2008) 
allowing to choose the support profile in tunnel and in cross-passages according to the ground 
cover crossed and the corresponding RMR class. 

We have also highlighted the phasing that we have planned for the construction of the intersec- 
tions between the tunnel and the cross-passages as well as the various possible schedule 
optimizations. 
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ABSTRACT: The knowledge, the preservation and the maintenance of existing infrastruc- 
tures are some of the most challenging matters facing modern civilization. It is fundamental to 
carry out digital strategies and technologies to know and predict the conditions of existing 
structures. The paper focuses on Italian railway tunnels. Italy is one of the countries with the 
highest and oldest number of tunnels in the world. ETS introduced a new method for the diag- 
nostic of existing tunnels through an innovative multi-dimensional survey system (ARCHITA) 
and a new approach for the Management and Identification of the Risk for Existing Tunnels 
(MIRET). The approach is very fast and minimally invasive. The integrated instrumentation 
within ARCHITA allows to have almost all the information necessary for the geometrization 
and diagnostics of a structure with non-destructive tests, preserving the integrity of the struc- 
tures in the preliminary assessment phase. A new tunnel modelling and design solution, Open- 
Tunnel, is used to model and analyze the existing tunnels, aiming to create digital twins of the 
real structures. The defects results and analysis are digitalized and manipulated in a specific IT 
environment by ETS. Different case studies are presented throughout the paper. 


1 INTRODUCTION 


Europe, the cradle of railway development, experienced the development of its infrastructure 
from the second half of the 19th century until the beginning of the 20th century. Railway 
Infrastructure Managers therefore now have an ageing park of tunnels to be maintained (Mili, 
Chille and Thuaud, 2021). In Italy RFI (Rete Ferroviaria Italiana) manages 1.671 km of rail- 
way lines with an average age of 70 years and the oldest Italian tunnel is 150 years old, as 
shown in Figure 1. 

These structures are subject to degradation linked to the passage of time and permanent 
interactions with the environment, therefore they can require substantial maintenance and 
repairs, the purpose of which is to mitigate the risk of incidents or even to extend their 
lifespan. 

The planning and management of existing tunnels is a central challenge for industrialized 
countries. The main challenge is the coexistence and collaboration of environmental sustainabil- 
ity and exponential technology growth. However, careful and effective management of tunnels 
that involves all the stakeholders and all the activities, such as inspection, is not yet usual. 

Nowadays, the inspection of tunnels is still performed mainly by operators, while ETS car- 
ries out the diagnostic and maintenance of existing tunnels through multi-dimensional survey 
systems and digital methodologies for the analysis, integration and management of the prior- 
ities along the tunnel. 
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Figure 1. Number of railways tunnels managed by the main European Railway Infrastructure Man- 
agers (on the left) and Average age of the same tunnels (on the right). (Foria, Miceli, 2022). 


More recent technologies allow the survey and inspection of tunnels and infrastructures 
with mobile mapping which has the advantage of speed, efficiency and safety, reducing 
the time of work on the line, but brings the drawbacks of calibration, signal loss, and 
management of the data. However, these issues can be overcome by offering multi- 
dimensional mobile mapping systems with different equipment in order to have a set of 
integrated outputs. 

There is still significant potential to improve image inspection performance and develop 
algorithms for the automatic detection of defects. 

The progression in machines’ computational power allows solutions devised within the arti- 
ficial intelligence (AI) framework to capitalize on the full precious operators’ experience, effi- 
ciently applying the knowledge learnt to the collected data. 


2 INTEGRATED APPROACH 


2.1 State of art 


Throughout the lifespan of the infrastructure, project owners must know its exact state, to 
prevent damages and ensure its integrity. 

During the operational phase, inspections and diagnosis are what allow to guarantee the 
safety of the structure and to plan investigations, additional work or even repairs that may be 
necessary to guarantee its structural integrity. In addition, operators must ensure that the 
asset regains full usability following the repair phase. 

Carrying out periodic inspections is the way to guarantee the correct ageing of structures. 

The supervision, still mostly provided by human operators, is highly dependent on the oper- 
ator’s skill and interdisciplinary experience. The operator fills technical sheets following the 
owner’s standards, national code, and practice. Generally, these forms contain general infor- 
mation about the tunnel (e.g., name, line, length, excavation type, lining material) and the out- 
come of the inspection in terms of defects detection of the tunnel structures and collateral 
elements. A set of photos is taken to be attached to the report. The severity and extension of 
defects are quantified using subjective coefficients. The defects are combined to determine the 
hazard and the intervention’s priority along the line. 

This methodology, even if it might seem outdated with technologies available nowadays, is 
still the state of the art, and a large set of infrastructures worldwide are not checked at all. 

Interventions in heavy traffic structures are generally carried out at night. The intervention 
slots are reduced to a minimum to ensure continuity of service. Inspection times are therefore 
reduced, and sometimes there is a high level of personnel exposure to risks. 

In short, the inspections are complex to implement and represent a significant cost. 
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MIRET is an approach created by ETS for the manipulation of the survey-inspection data 
to get a more objective and dynamic diagnostic, maintenance and risk assessment to manage 
existing tunnels. The procedure’s final aim is the Management and Identification of the Risk 
for Existing Tunnels (MIRET). 


2.2 MIRET 


To improve the efficiency and safety of infrastructural works, it’s fundamental having tools 
that can allow proper management and identification of the priorities due to their potential 
manifestation. The availability and management of information relating to the entire lifecycle 
of an infrastructural asset may be the innovative element, particularly from a strategic per- 
spective, for infrastructure managers. ETS has started investing in a new approach for the 
manipulation of the survey-inspection data to get a more objective and dynamic diagnostic, 
maintenance, and risk assessment to manage existing tunnels (Foria, Ferraro, et al., 2021). 

MIRET approaches the analysis of the existing tunnels by focusing on an integrated work- 
flow capable of connecting and manipulating survey-inspection data for diagnostics, mainten- 
ance and priorities assessment for the management of existing tunnels. 

By repeating the process over time, it is possible to have constant monitoring of the work 
with the advantage of knowing the infrastructure conditions over time and catching predictive 
behaviours. 


Survey Works & 
& Maintenance 
Inspection 


Planning & 


Tunnel 
Digitalization Design 


Figure 2. MIRET puzzle chart (Foria, Ferraro, et al., 2021). 
3 BIM WORKFLOW 


A BIM workflow is suggested in this paper: the process uses the mobile mapping system 
ARCHITA to collect data and geometries both on the surface and thickness of the tunnel, 
then the workflow, based on commercial instruments, allows to integrate the collected data in 
one digital environment, making information management faster than a manual approach. 

To improve the efficiency and safety of structures, digital tools are essential to their man- 
agement. This approach leads to Building Information Modeling (BIM), a complex system of 
procedures and technologies to manage building processes. 

BIM methodologies, when applied to infrastructure (Infrastructure Building Information Mod- 
elling, I-BIM), can offer digital information management, and therefore in a manner that is more 
effective and can also be used with large-scale infrastructural assets. These methodologies can be 
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successfully applied with considerable advantages in terms of cost reduction and improved man- 
agement of both material and professional resources (Ciccone et al., 2022). 

In general, today all information regarding existing infrastructures is often fragmented and 
incongruent due to traditional methods of data collection and management. 

This process (Figure 3) aims to fill and implement the information of the as-built model, 
through inspection, digitalization and diagnosis of infrastructures to obtain a digital model of 


DEFECT ANALYSIS 


PHASE 3 FEM ANALYSIS 
| INFORMATION 


f FEM ANALYSIS Lf DATA CHECK RODELING 


Figure 3. MIRET workflow from survey and inspection to information modelling. 


3.1 ARCHITA 


ARCHITA is a multi-dimensional mobile mapping system developed by ETS consisting of 
linked and integrated equipment that allows one to make very precise surveys, avoiding 
destructive investigations and minimizing the impact on working lines (Foria et al., 2019). 


— Survey sensors: laser scanner, linear cameras, thermal cameras, ground penetrating radars 
(GPRs); 

— Positioning sensors: GPS, IMU, Odometer (they are integrated and work with a “tightly 
coupled” Kalman filter that accepts additional information as Ground Control Points (GCP) 
in post-processing). In this way, the trajectories are corrected through adjustment procedures. 


ARCHITA uses the GNSS+IMU sensors to calculate the moving trajectory in a predefined 
reference system. The position and attitude of a particular point of the system, through the 
knowledge of appropriate lever arms, is recalculated with all the related acquisitions (i.e., 
photographic images, thermal images, and cloud points). 

The precision of the system depends on the positioning precision of the GNSS system. This 
one depends on various factors, such as the number, type, visibility, and layout of the satel- 
lites, and the eventual absence of a GPS signal (outage). 

ARCHITA carries out the survey activity with an average speed of 15-30 km/h, minimizing 
the impact on existing lines with shortstop of the traffic and without disconnection of the elec- 
trical tension (for railway). The system can work in two different configurations (Figure 4): 
RAIL and ROAD. The different tools (survey sensors and positioning sensors) are integrated 
and linked to each other, allowing the acquisition of multiple information for every single 
point and simplifying the acquisition. 
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Figure 4. ARCHITA: RAIL (on the left) and ROAD (on the right) configuration (Foria et al., 2019). 


3.2 Digitalization and analysis integrated workflow 


Advancing our infrastructure is key to addressing climate change and other environmental chal- 
lenges, it is also essential to sustain our economies and improve quality of life. Recently, Bentley 
Systems’ software portfolio for civil engineering has been completed with a new solution named 
OpenTunnel Designer that provides an integrated tunnel BIM design spanning ground interpret- 
ation, physical modelling and geotechnical design. This new solution closes the gaps between the 
geological modelling (e.g. Leapfrog) and the geotechnical analysis (e.g. PLAXIS) by creating 
a physical model (BIM model) that is automatically exchanging information with the other com- 
mercial software (Figure 5). 


Civil Design Data 


Turse! design + 
model (DGN) | 


. Gediogical 


Figure 5. Bentley tunnel design solution workflow. 


OpenTunnel Designer has been tailored to improve your decisions by being able to combine, 
organize, and manage geotechnical and existing conditions data quickly and accurately. With 
OpenTunnel Designer it’s possible to work with soil strata and linear infrastructure data, as well as 
reference road, rail corridors and bridge structures. Its capabilities include modelling the full exca- 
vation shape, excavation tracks, tunnel lining (conventional and TBM type), reinforcements and 
interior objects. Native modelling tools help you save design time, by making automatic updates 
as a result of any change made to the tunnel template or alignment geometry. The entire modelling 
process is done with built-in parametric tools that do not require the use of visual scripting for 
parametrization, handling complex geometry or geometry transfer from road/rail civil software. 

ETS chooses to adopt this workflow early and it also contributed to his development. The 
process is used for the digitalization and analysis of data for MIRET methodology the 
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progression in machines’ computational power allows solutions devised within the artificial 
intelligence (AI) framework, efficiently applying the knowledge learnt to the collected data. 


4 CASE STUDY 


To show the effective use of these techniques two case studies are described: Sipicciano and 
Collecervo tunnels. ETS completed surveys and inspections using ARCHITA with the aim of 
planning and designing the management of the tunnels, therefore it worked with the support 
of Bentley to elaborate the collected data through a digitalization and analysis workflow using 
commercial software that allows the creation of the digital twin of the tunnel. 

Indeed, one of the latest technologies developed by Bentley Systems is the Digital Twin (iTwin) 
which can be defined as a realistic and dynamic digital representation of a physical asset, system, or 
city. By using a digital twin, it’s easy to manage the asset, see how they perform, and decide when 
a change or action is needed that impacts the asset. The model will permit different parties to visu- 
alize and track changes, including changes in real-world conditions from IoT-connected devices. 


4.1 Sipicciano tunnel 


The Sipicciano tunnel is located between ch. 7+076 and ch. 7+228 of the Attigliano - Viterbo 
railway line within the municipal area of Graffignano (VT). The Sipicciano tunnel is 
a masonry lining heritage tunnel built in 1886 with the cut & cover method. It presents 
a horseshoe-like cross-section (Foria, Miceli, 2022). The tunnel is interested from a well- 
developed cracking system, from a non-negligible moisture presence on the final lining and 
material detachments of the lining, and also, for the tunnel inverts there is the presence of 
a non-well-known structure that has to be removed and replaced in order to realize a proper 
railroad ballast. Due to its age, consolidation works were needed so that the minimum 
requirements for safety, according to the design code, are respected. The consolidation works 
have been realized in 2 stages, in 2013 and 2022; they consisted of drainage works and consoli- 
dation of the lining using an anchors system. In 2013 the analysis showed hydraulic hazards 
on the final lining, these problems were solved with drainage interventions. Then, in 2022 two 
important tasks were accomplished: all the 2013 processes were digitalized to achieve 
a complete knowledge of the state of the opera, and then maintenance works were planned 
and carried out on the Sipicciano tunnel. 


Figure 6. Digital representation of the asset as a point cloud (on the left) and BIM model (on the right). 


The first phase of the project started with collecting all the information about the 
tunnel and the geological conditions of the zone, then, the workflow adopted in the 
process of modelling the Sipicciano tunnel using the software can be summarized as 
the following: with the laser scanner of ARCHITA it was possible to obtain the point 
cloud file representing the as-built asset, then, tunnel cross sections has been extracted 
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at every point of interest. The cross sections have been imported in OpenTunnel 
Designer for further customization and modelling; Using these cross sections the tunnel 
solid, reinforcement and auxiliary elements have been modelled using the automated 
parametric tools from the software. Finally, plan, profile and cross sections drawings 
have been created using automated drawing generation tools; these drawings have been 
compared with the design drawings created by the ETS team and with the point cloud 
input. The geometrization and data are transferred to a BIM model throughout all the 
stages of the projects’ technologies and workflow. 

With the MIRET workflow, particularly with Digitalization and analysis integrated, these 
challenges can be solved because the modelling is easy to use and key design data can be 
entered quickly and accurately. 


4.2 Collecervo tunnel 


The Collecervo tunnel is a modern tunnel with precast concrete segmental lining. Despite its 
young age, the Collecervo tunnel had micro-cracking problems, investigated in 2013; these 
defects were photographed and described with pictograms, during long and slow inspections 
that lasted three months. Specific surveillance and maintenance work for this asset are taking 
place regularly, but there was no digital representation of this asset, that can store and display 
all the collected information in one single source of truth. 

Starting from the construction plans, in 2016 ETS developed a BIM model for modelling 
TBM tunnels: the ETS team digitalized all the photos of the cracks to fully comprehend the 
construction layout and the state of the opera. After collecting and digitalizing past data, ETS 
carried out a survey and inspection for the collection of new data in two days, using the 
photographic survey with high resolution called “Tunnel Scan”. This system allowed to 
obtain information about cracks wider than 1 mm and a complete image of the state of the 
opera of the whole tunnel, providing information also on maintenance problems and areas 
that have been already restored. From the layout obtained with digitalized past information, 
the software allowed the integration of new data obtained with ARCHITA and the recon- 
struction of the exact geometry of the tunnel, including the punctual and precise positioning 
of the segments (Foria, Miceli, Nascetti, 2022). In OpenTunnel Designer, multiple lining sys- 
tems can be defined for TBM tunnels, like rectangular, rhomboidal, trapezoidal and custom 
(Figure 7). The user can define key segments and ring rotation routines that will be used in the 
creation of the tunnel solid, thus, complex configurations for the segments and rings can be 
achieved. The scope of the survey was to fully comprehend and determine the current state of 
conservation of the lining, to use it as the starting point to plan the maintenance 
interventions. 


Figure 7. Segment definition dialog (left side) and the resulting BIM model (right side). 
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5 CONCLUSIONS 


MIRET, a new approach to the management of existing tunnels, is introduced as a generalization 
of the different approaches proposed by authorities, contractors and suppliers. The methodology is 
strongly based on large-scale, quick inspection processes with a multi-dimensional mobile mapping 
system: ARCHITA. The integration of the entire process into a BIM environment and IFC format 
is not yet an automated step due mainly to the lack of international standards, but it is considered 
necessary to extend the potential of BIM to the tunnel infrastructure for asset management. 
Through the integration of the experience and know-how of civil engineering companies and soft- 
ware developers the use of technology, processes and dedicated tunnel BIM solution that has exten- 
sive application in all aspects related to a tunnel project, has multiple benefits, like reducing the 
modelling time up to 50% and the drafting time up to 70% by using intelligent parametric con- 
strained cross-section geometry that parametrically updates the 3D solid on the fly. The entire 
modelling process is done with built-in parametric tools that do not require the use of visual script- 
ing for parametrization, handling complex geometry or geometry transfer from road/rail civil soft- 
ware. There is still a lot to be developed to improve the process of digitalization and analysis of the 
existing infrastructures regarding methodology and technology. A digital twin of a psychical asset 
can be easily created and managed in the case of rehabilitation and maintenance works for tunnels. 
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ABSTRACT: In recent years, with the development of IoT and ICT technologies, an environ- 
ment has been created in which digital data related to construction can be easily obtained. In 
this paper, we have developed a system based on the concept of digital twin, which integrates 
digital data and numerical simulation technology. First, the system reproduces in a virtual space 
the “water inflow rate at the face” and “results of the geological survey at the time of construc- 
tion,” which are acquired during tunnel excavation. Next, the system updates this information 
on time. Finally, the system uses numerical simulations to constantly predict signs (water inflow 
and geological changes) that will occur in the near future. The information predicted by this 
system can be disseminated on time in a form that can be easily understood by anyone. There- 
fore, this system is a technology that can contribute to safe and secure construction 


1 INSTRUCTION 


It has been about 90 years since the timbering support was replaced by shotcrete, steel sets 
and bolt support in mountain tunnels. During this period, the workability, productivity, and 
efficiency of mountain tunnels have improved dramatically with advances in excavation 
methods, the development of auxiliary methods, and the enlargement of construction machin- 
ery. In addition, ICT (Information and Communication Technology) technology has made 
remarkable progress in recent years. By gathering, visualizing, and analyzing a variety of data, 
it is now possible to standardize the study of construction plans in the investigation and 
design stage, construction management, robotization, and automation using digital data in 
the construction stage, and digital data of tunnel functions and properties as the final product 
in the maintenance and management stage. This has provided new value-added productivity 
and safety and security services for on-site personnel and workers. 

Against this background, the digital twin has been gathering attention in recent years. Digi- 
tal twin is a system that reproduces things in the real (physical) space in the virtual (cyber) 
space by utilizing data acquired through IoT (Internet of Things). In other words, it is 
a system that links real and virtual spaces in real time. This concept has been applied in a wide 
range of fields because it can predict troubles and changes in the real space by simulation 
based on information gathered in the virtual space. 

In this paper, based on the digital twin concept, we reproduce in a virtual space the 
“amount of water inflow into the face” and the “results of the geological survey during 
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construction” among the various information obtained during tunnel excavation. Further- 
more, we have developed a basic system that updates this information in real time and accur- 
ately predicts signs that will occur in the future through simulation. The information 
predicted by the system was not only understandable by professional engineers or technicians, 
but also converted into a format that could be easily understood by on-site personnel and 
workers to provide them with daily forecast results. 

This system is inspired by the term “numerical weather prediction” used in weather fore- 
casting. Numerical weather prediction consists of observations of the weather, execution of 
the forecast, preparation of the weather forecast, and processing of the announcement. Fol- 
lowing this concept of numerical weather prediction, we call this system “GROUND 
FORECASTING”. 

In this paper, we first describe an overview of the GROUND FORECASTING system. Next, 
we describe the core technologies of the system: sequential updating of 3D geological structures, 
a virtual drain model for rapid seepage analysis, and an identification method of coefficient of 
permeability using AI. Finally, we will report on the demonstration results of this system. 


2 OUTLINE OF THE GROUND FORECASTING SYSTEM 


Figure | shows a conceptual diagram of the GROUND FORECASTING system. This system 
consists of “Real Space” and “Virtual Space” based on the basic concept of a digital twin. In the 
real space, the amount of water inflow into the face, which is basic information for the prediction 
of the groundwater environment, is constantly measured and the total daily amount of water 
inflow is monitored. On the other hand, there are two main categories in virtual space which are 
the calculation part and the visualization part. The calculation part outputs the prediction results 
by integrating the accumulation of water inflow data, updating of geological information, identi- 
fication of coefficient of permeability using AI, and numerical analysis to reproduce the ground- 
water environment. The visualization part can draw the predictions output by the calculation 
part on a three-dimensional geological model. The information in the virtual space is output as 
a report that can be understood by anyone and finally, it is returned to the real space. Basically, 
this cycle is executed automatically, one cycle per day. Then, continuous use of the system in 
daily morning assemblies can contribute to sustaining risk and safety management. In addition, 
we expect to reduce the workload of the engineers and technicians who provide on-site support. 


Physical Space Virtual Space 


Y 


Accumulating 
Data 


Figure 1. Conceptual diagram of the GROUND FORECASTING system. 
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Figure 2. Sequential update method of 3D geological model. 


Most important information in the operation of the Ground forecasting system is geological 
condition around the tunnel. Geological information is known to have the greatest influence 
on predictive analysis. Usually, detailed geological information is obtained from exploration 
ahead of tunnel face. To create the 3D geological model based on a comprehensive evaluation 
of the exploration results (e.g., data of advanced boring and seismic exploration), specialized 
knowledge and great deal of work time are required. 

Ground forecasting system introduces the “Sequential update method of 3D geological model” 
proposed by Yoshikawa et al. 2021 to improve the prediction accuracy of the groundwater envir- 
onment. Figure 2 shows one example of procedure of the update method of geological model. 
This example includes Vp-logging data from advanced boring and reflected wave data from seis- 
mic exploration. The location of the geological boundary is automatically calculated from the Vp 
value. Also, strike and inclination angle of the geological boundary is estimated from the reflect- 
ive surface near the boundary location based on the Vp. The results of these calculations are 
applied to the previous geological model to create a new model. The geological model is expected 
to update once a week. 

The following sections outline the identification of coefficient of permeability using AI in the 
calculation part and the virtual drain model proposed by Hosono et al. for rapid seepage 
analysis. 


3 THREE-DIMENSIONAL SEEPAGE ANALYSIS 


The key point of the forecasting system developed by the authors is the use of AI. AI can per- 
form seepage prediction from a pre-constructed database. 

The calculation part, sequential updating of 3D geological structures, a virtual drain model 
for rapid seepage analysis, and an identification method of coefficient of permeability using 
AI, shown in Figure 1, automatically starts the calculation and outputs the predicted results 
after obtaining the measured water inflow at the tunnel face. The following is an overview of 
the AI and the seepage analysis method. 


3.1 Identification of permeability by AI 


To perform machine learning, we adopted the Gradient Boosting Decision Tree (GBDT), 
which is a type of machine learning technique often used in data analysis such as Kaggle. This 
method is known as superior to other machine learning algorithms in terms of both accuracy 
and computational speed. 

GBDT is basically a method of solving regression or classification problems using decision 
trees and improving the model by constructing new decision trees so that the loss function of 
decision trees with large errors becomes smaller. This is one of the ensemble learning methods 
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(Figure 3). The explanatory variables to be learned by the GDBT were “excavation length,” 
“tunnel diameter,” “rainfall,” “overburden (initial groundwater level),” and “amount of water 
inflow into the face”. The objective variable was “coefficient of permeability”. This makes it 
possible to estimate the “coefficient of permeability” from the “amount of water inflow. 

In constructing the training data, we used a simple analytical model as shown in Figure 4. 
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Figure 3. GBDT (Gradient Boosting Decision Tree). 
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Figure 4. Analytical model for creating training data. 


3.2 Basic equations of the virtual drain model 


The virtual drain model is solved using a simple well formula rather than an exact solution as 
in the 3D FEM analysis. 

This allows the flow to be distributed with respect to the distance from the tunnel axis to 
nearby nodes, quickly expressing the drainage effect. In addition, the drainage effects of 
tunnel excavation can be represented three-dimensionally without the need to divide the 
tunnel geometry into elements as in FEM analysis. This also makes it possible to increase the 
computing speed dramatically. The basic equations of the virtual drain model are shown as 
follows. 

In the vicinity of the tunnel, the Darcy law is assumed to hold in the radial direction of the 
tunnel and groundwater flow is uniform. where k is the coefficient of permeability, r is the 
radial coordinate, and h is the total hydraulic head, the groundwater velocity u is expressed as 
in Equation (1). 
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dh 


For a tunnel traversing an element, where L is the length that exists inside the element. 
Assuming that the hydraulic gradient (dh/dr) is uniform along the length L direction in this 
section, the amount of water inflow Qe per unit time from the tunnel wall in this section is 
given by Equation (2). 


Qe = —2rLu = arik (2) 


If the total hydraulic head is h0 and he at the tunnel wall (r=r0) and away from the wall 
(r=r1), respectively, Qe is given by: 


he a 
po Q J 1 
A dh = a „adr (3 
ro 
_ Q 
he — ho IIK (Inri — Inro) (4 
he — ho 
Qe = -ek G r) (5 


In order to determine the amount of water inflow Qe per unit time within the elements rep- 
resented by these equations, h0, he, r0, and rl must be determined appropriately. The authors 
therefore considered the following. 

For elements with tunnels, the total hydraulic head is determined at the nodes that make up 
each element. However, the average of these nodal values is taken as he. Specifically, it is the 
value obtained by multiplying the total hydraulic head hi at each nodal point by the weight 
factor wi and adding them together (Equation (6)). 


he = wihi (6) 


where Ne is the number of nodes constituting the element. 

The weight coefficient wi is inversely proportional to the distance li between the tunnel axis 
and each node, as shown in equation (7). Also, he is given by averaging a larger weight over 
the total hydraulic head value hi of the nodes closer to the tunnel axis. where li is the distance 
between the midpoint of the tunnel axis and each node in the element (Figure 5). As shown in 
equation (8), the weight coefficients sum to 1. 


wi = R E 7 
=S) g 


Ne 
5 w=1 (8) 


i=1 


where rl is the radius of a sphere with a volume equal to the volume Ve of the element 
encompassing the tunnel (Equation (9)). 
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rı =0.5Vi4 (9) 


The total hydraulic head h0 of the tunnel wall was defined as the height from the reference 
plane of the midpoint of the tunnel axis existing in the element in order to set the pressure 
hydraulic head to 0 m. r0 is the radius of a circle equal to the actual tunnel cross sectional 
area. The virtual drain model uses the negative flow rate generated within the excavation 
element as the amount of water inflow per unit time, Qe, obtained from equation (5). This is 
incorporated into a three-dimensional finite element analysis of unsteady to obtain a new 
hydraulic head value, hi, after an arbitrary elapsed time. The new hydraulic head value, hi, 
and the change in tunnel length, L, are used to update the value of the water inflow rate, Qe, 
to obtain the hydraulic head distribution around the tunnel. 


Gi = WiQe (10) 


Figure 5. Distance between virtual tunnels and nodes in the element. 


4 VERIFICATION OF THE SYSTEM USING ACTUAL MEASUREMENTS 


4.1 Construction outline of the Koba Tunnel and measured data of the validation section 


The West Kyushu line of the Kyushu Shinkansen connects the city of Fukuoka and the city of 
Nagasaki via the city of Saga. The section between Takeo Onsen and Nagasaki is 66 km long 
and is currently being constructed. The Koba Tunnel is located in the city of Omura, Naga- 
saki Prefecture, and its length is 2,885 meters. The Koba Tunnel passes below sea level for the 
first time since the Seikan Tunnel. Therefore, there was a risk that the tunnel excavation 
would cause a large amount of water inflow into the face of the tunnel. Incidentally, the Koba 
Tunnel has already been completed. 

Figure 6 shows a geologic longitudinal section of the Koba Tunnel. The system was verified 
in a section about 230 m from the entrance of tunnel. The geology of this section was mainly 
tuff breccia. In this paper, for the purpose of system validation, we simulated 45 days of 
actual tunnel excavation without considering “days when the site was closed” and “days when 
no excavation was performed”. 


4.2 Analysis conditions 


Figure 7 shows the amount of water inflow into the tunnel face measured in the verification 
section. Based on this data, we perform a seepage analysis with a virtual drain model, using 
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the coefficient of permeability identified by the AI. The predicted water inflow on and after 
the next day was confirmed, and the applicability of this system was confirmed. Figure 7 
shows the analytical model of the Koba Tunnel (The West Kyushu line of the Kyushu Shin- 
kansen). In the analysis domain, fixed boundaries with a pressure head of 0 m were set for the 
river and the coastline. In addition, the ground surface was subjected to actual rainfall. 

Table 1 shows the permeability test results (the coefficient of permeability of bedrock) using 
field samples. Basically, this permeability test result is used for seepage analysis. However, because 
tuff breccia is mainly distributed around the tunnel, the coefficient of permeability of the tuff 
breccia is used as the coefficient of permeability identified by AI based on the amount of water 
inflow into the face. Therefore, the coefficient of permeability used in the analysis is shown in 
Table 2. 


validation section 


Figure 6. Geologic longitudinal section of the Koba Tunnel. 
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Figure 7. Measured amount of water flowing into the face per day. 
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Figure 8. Analytical model of Koba Tunnel. 
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Table 1. Permeability test results. 


rock mass classification coefficient of permeability[cm/sec] 


gravel soil 7.24 x 104 

tuff breccia 2.53 x 104~1.22 x 10° 
andesite 5.11 x 107 

basalt No test value 


Table 2. Analysis input values. 


rock mass classification coefficient of permeability[cm/sec] 


gravel soil 7.24 x 104 
tuff breccia Results identified by AI 
andesite 5.11 x 107+ 
basalt 5.00 x 10° 


4.3 Results of verification 


Figure 9 shows the coefficient of permeability identified by AI based on the daily water 
inflow into the face (Figure 7). The coefficient of permeability of the tuff breccia ranged 
from k = 2.53 x 10-4 to 1.22 x 10-5 [cm/sec], as shown in Table 1. On the other hand, the 
coefficient of the permeability of the tuff breccia identified by AI output a permeability that 
was about one order of magnitude smaller for the first week of construction. However, after 
about 20 days from the start of construction, the results were of the same order of magni- 
tude as the permeability test results. Considering the fact that tuff breccia was mainly dis- 
tributed in the area from the beginning of the construction, a permeability of about the test 
value should be identified. We consider the quality of the training data to be the main 
reason for this result. 

Next, we discuss the coefficient of the permeability identified by AI and the results of the 
predictive analysis using this value as the input for the analysis, focusing on the face posi- 
tions at 10 and 30 days. Table 3 shows the coefficient of the permeability identified by AI 
after 10 and 30 days. Here, the coefficient of the permeability after 10 days means that the 
excavation was completed up to 10 days later, and the coefficient of the permeability was 
identified based on the measured water inflow up to 10 days later, while the water inflow 
after 11 days means the predicted value obtained from the analysis. The same meaning holds 
true 30 days later. 

Figure 10 shows the coefficient of the permeability identified by the AI after 10 days and 
the results of the predictive analysis. The coefficient of the permeability identified by AI 
after 10 days was about one order of magnitude lower than the test value, resulting in 
a prediction of the amount of water inflow after 11 days that was less than the measured 
value. 

Meanwhile, Figure 11 shows the coefficient of the permeability identified by the AI 
after 30 days and the results of the predictive analysis. The coefficient of the perme- 
ability identified by AI after 30 days was generally the same as the test value, so the 
predicted inflow after 31 days was generally the same as the measured value. 

The above results indicate that the prediction accuracy is not high during the first week of 
construction, but it gradually improves during the first 30 days of construction. In addition, it 
is clear that the quality of the training data may affect the AI’s identification results, which is 
a challenge for this system. 
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Figure 9. Coefficient of permeability identified by AI. 


Table 3. Permeability of tuff breccia identified by AI. 


Elapsed time [day] coefficient of permeability[cm/sec] 


10 days later 8.59 x 10% 
30 days later 4.16 x 10° 
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Figure 10. Reproduced and predicted values after 10 days. 
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Figure 11. Reproduced and predicted values after 30 days. 
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5 SUMMARY 


In this paper, we described the core technologies of the system: sequential updating of 3D geo- 
logical structures, a virtual drain model for rapid seepage analysis, and an identification 
method of coefficient of permeability using AI. Finally, we reported on the demonstration 
results of this system. 

As a result, although some issues remain, it showns that AI can identify the coefficient of 
the permeability of the bedrock using daily amount of water inflow into the face and accur- 
ately predict the amount of face water inflow that will occur in the future. In addition, the 
amount of water inflow into the face, which changes daily, could be predicted accurately even 
for homogeneous ground. 

Based on the above, we will review training data to solve the problem and deploy the 
“GROUND FORECASTING?” system that can report daily risks to various tunnel sites by 
predicting the amount of water inflow into the face on time. The concept of this system can be 
applied not only to seepage analysis but also to deformation analysis, which will be developed 
in parallel. 


REFERENCES 


Fukuda, T., Yoshikawa, S., Hosono, K. & Iwanaga, S. 2021. Development of a forecasting system of 
mountain tunnel based on the geologic and groundwater conditions. journal of JSCE: Vol.31, 1-25. 
Hosono, K., Fukuda, T., Fujino, A., Ejima, T. & Wakai, A. 2022. Advanced prediction of tunnel inflow 

using virtual drain model. Proceedings of JSCE: Vol.78, No.1, 1-12. 
Yoshikawa, S., Fukuda, T. & Matsuo, K. 2021. Approach to sequential update of 3D geologic model. 
journal of JSCE: V1-199. 


2669 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


A novel holistic approach to rehabilitation of underground structures 


V. Gall, T. Martin & L. Boyd 
Gall Zeidler Consultants, Ashburn, Virginia, USA 


ABSTRACT: Water infiltration into subgrade infrastructure can cause major impacts on their 
performance. In addition to damaging the structure, water intrusion leads to deterioration of 
installations including electrical and mechanical components and in patron discomfort. To 
remedy these impacts, leak remediation is often carried out to halt water infiltration. Remediation 
methods include coatings, drainage, injection/stitch grouting, curtain (backside) grouting, and/or 
internal umbrella systems. Selection of the rehabilitation method depends on the structure’s use, 
owners’ priorities, its installations, structural conditions, surrounding ground, and hydrogeologic 
conditions. Since many factors influence the rehabilitation method chosen, a novel holistic 
approach is undertaken to understand leakage causes and consequences to develop the most 
appropriate, efficient, and reliable solution to extend the structure’s life. A reconnaissance phase 
combines geologic, hydrogeologic, and as-built information with detailed digital scans and visual 
observations to develop a database of existing conditions. This database, called a tunnelband, is 
used to develop the rehabilitation solution and made part of the contract documents, allowing for 
an informed bid by specialty contractors. Tunnelband and the preferred rehabilitation system are 
portrayed in contract documents, which are procured in various contract types depending on the 
owner’s preference and project characteristics. The pool of contractors are required to submit 
their understanding of this holistic approach by developing and supplying the owner with 
a detailed workplan. The completed rehabilitation is portrayed in detailed as-built drawings 
which also provide the owner with an operation and maintenance manual outlining for periodic 
observation of the structure and checking of its performance. Ultimately, this information is 
implemented into a “BIM Digital Twin” that is used by the operations and maintenance staff for 
long-term observations. This proposed novel framework for leak rehabilitation is currently being 
used successfully in a number of projects throughout the United States. 


1 INTRODUCTION TO LEAKAGE REMEDIATION 


One of the most significant long-term hazards inherent to subgrade infrastructure is water 
infiltration through and into the structure (Bergeson & Ernst, 2015). If left untreated, water 
intrusion can create a negative user experience, cause deterioration of critical components 
within the structure, and can compromise the integrity of the structure itself. 

There are a number of different factors that influence water intrusion. Most subgrade infrastruc- 
ture is wholly or in part below the water table, and over time, exposure to groundwater can lead to 
the development of pathways for water to flow into the structure in particular in older structures 
and/or structures where the waterproofing installed as part of the initial construction has become 
ineffective. This effect can be exacerbated by porous and permeable geology that allows for higher 
groundwater flow. In concrete-lined structures, a common location for water intrusion to occur is 
at construction joints; water can also enter through circumferential cracks that developed within 
the concrete slabs. Masonry-lined tunnels can also exhibit efflorescence and leakage through either 
cracks in the tunnel structure or in between the masonry units. In metal-lined tunnels, water intru- 
sion may present as corrosion and dampness at joints, and can often be identified as rust or leak- 
age within each segment in more severe cases (McKibbins, Elmer, & Roberts, 2009). 
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Water infiltration can affect structures of any age, but older infrastructure commonly experi- 
ences the most severe effects due to degradation of the lining and waterproofing. Newer structures 
may also exhibit water intrusion if the waterproofing was not successfully chosen, designed or 
installed. Given water infiltration can affect subsurface infrastructure regardless of age, type of 
construction, lining, and ground conditions, a number of remediation methods are employed 
worldwide to halt water intrusion regardless of the structure or leakage characteristics. Addition- 
ally, numerous repair materials exist on the marketplace, with varying characteristics. Several 
companies have even successfully developed their own proprietary materials for waterproofing, to 
include in particular grout mixtures. 

With so many factors affecting the success of the remediation, it is critical to select 
a remediation strategy that is appropriate for the structure experiencing water intrusion. The 
authors propose a novel holistic approach to water intrusion that takes into account not only 
the existing leaking structure conditions, but fully understands the structural, waterproofing, 
geology, and hydrogeology of the structure. Any as-built records, from previous rehabilitation 
efforts and original construction, are also reviewed with the goal of a complete understanding 
of the water intrusion of the structure. Fully understanding these factors allows for a thorough 
evaluation of repair methods, and for the most appropriate repair method for both the structure 
and the owner’s operational needs to be chosen. 


2 REMEDIATION METHODS 


Water infiltration is a ubiquitous feature of numerous subsurface structures, and displays 
many forms depending on varying structural and hydrogeological characteristics. To address 
water intrusion in these wide range of conditions, a number of repair methods and repair 
materials have been developed. These include both positive-side (i.e. outside the tunnel struc- 
ture) and negative-side (i.e. inside the tunnel) methods, and employ different strategies to con- 
trol, divert, or stop water intrusion. 

Several of the predominant methods used in contemporary subgrade water intrusion 
remediation are presented below. Each of these methods presents a viable strategy for halting 
water intrusion, and some methods may be used simultaneously. 


2.1 Crack injection 


Crack injection, also known as “stitch grouting,” is a negative-side remediation method that 
halts water intrusion through a crack or joint, mostly within concrete structures. Holes are 
drilled at an angle in an alternating pattern on either side of the joint or crack, and intersect the 
plane of the deficiency near its midpoint within the slab. Packers are installed, and the crack is 
flushed with water and then injected with grout such as epoxy, polyurethane, and acrylic resin. 
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Figure 1. Typical configuration of crack injection holes intersecting a joint. 


This technique for repairing cracks in concrete can be successful, but there are several limi- 
tations of this method. Crack injection is used primarily to repair leaks at discrete cracks and 
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joints, and is not a system-wide water infiltration solution. Additionally, halting water at one 
crack typically causes the water to migrate to another location nearby where water can find 
a pathway into the structure. This commonly leads to “chasing” leaks throughout a structure 
to fully halt water intrusion, and multiple treatments are often required. 


2.2 Coatings 


Coatings such as crystalline waterproofing are another method for halting leaks through nega- 
tive-side repair. These coatings can be applied to individual cracks or applied broadly (typic- 
ally in conjunction with discrete crack repair) to help limit the chasing of leaks. This coating 
applies a material that reacts with water, which causes a catalytic reaction that produces 
a non-soluble crystalline. Through the process of diffusion, the crystalline waterproofing 
chemicals spread throughout the pores and any hairline cracks within in the concrete, allowing 
this reaction to take place anywhere the crystalline waterproofing material is exposed to 
water. These insoluble crystals continue to grow until water infiltration is halted. 

Figure 2 shows crystalline waterproofing as installed along a crack in concrete. Following 
application of the repair material along the identified crack, a coating was then applied to the 
entire structure, which helps to limit new leaks from appearing elsewhere. 


Figure 2. Crystalline waterproofing applied along a crack. 


While, like crack injection, this method is useful for repairing leaks along discrete cracks, 
and has the added benefit of the ability to cover a broader area, this is not a system-wide 
water infiltration solution. Additionally, unlike crack injection, which can be used on cracks 
with considerable width, the use of coatings such as crystalline waterproofing are generally 
only recommended for hairline cracks. 


2.3 Curtain grouting 


Curtain grouting is a positive-side remediation method which involves treating the outside of 
the structure’s lining and to some extent the surrounding ground to fill any voids and eliminate 
the source of water infiltration before it reaches the structure. In this approach, holes are drilled 
through the lining in a systematic pattern to penetrate the entire thickness of the lining, whether 
that is steel, cast iron, concrete, shotcrete, brick or another lining type. For steel and cast iron 
linings existing grout ports may be used for grout injections. These holes reach, at a minimum, 
the exterior of the structure, and can be drilled into the surrounding substrate as well. 

Curtain grouting is a versatile option that can be used in all structure types and practically 
all ground conditions. 
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GROUT BULK 


Figure 3. Diagram showing grout injected behind the lining and in the substrate. 


2.4 Lining replacement and umbrella systems 


An umbrella system is the most consists of installing a secondary lining following the installa- 
tion of a waterproofing membrane against the existing liner. 

This is typically the most expensive and involved remediation option, and requires the tunnel 
or structure to be out of service for extended periods of time. Given that, this is an option that 
should only be considered in cases where the existing lining is unsalvageable and water intrusion 
is widespread, severe, and systemic. However, installation of waterproofing and drainage systems 
limits future remediation needs and ensures the longevity of the structure following installation. 


2.5 Drainage and dewatering 


Most subsurface structures are constructed with internal drainage systems that divert ground- 
water through or around the structure. Over time, these drainage systems can become clogged 
and inoperable, which can lead to additional water intrusion from the water that cannot be 
adequately diverted. In some scenarios, repairing the drainage system greatly decreases the 
amount of water intrusion observed. 

Dewatering is another method to control the water. Diversions can be constructed that 
move water through the structure with minimal impact on the structure and its components. 


3 PROPOSED HOLISTIC APPROACH 


Application of the most appropriate water infiltration mitigation strategy is critical to ensure a 
successful project. With widely varying characteristics that affect water intrusion, and many avail- 
able remediation strategies available, it is important to carefully craft a leak remediation program 
that considers these characteristics as well as an understanding of the goals of leak remediation 
for a particular site. This proposed holistic approach is based on the authors’ understanding that 
there is no universally-appliable leak remediation program, but rather the most appropriate leak 
remediation strategy for a particular project is derived from a holistic understanding of the struc- 
ture, the causes of leak remediation, and the owner’s goals for the structure. 


3.1 Basis of design 


The foundation of the recommended design and project specifications is based on past experi- 
ence and a thorough review of national and international standards. For example, reference 
to curtain grouting is made to STUVA (2014). These standards and peer-reviewed papers aid 
in the development of details included in the project specifications in a grouting program and 
assist in the understanding of acceptable installation of remediation strategies. 


3.2 Inspection and desktop study 


The most important aspect of leak remediation is gathering all necessary information to make 
educated recommendations about a project site. Early on in the process, all available data are 
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identified and reviewed to fully understand the structure’s layout, the history of its construc- 
tion, and any factors that could influence the chosen remediation strategy. Some of the most 
important information to gather at this step is the geology encountered during investigation, 
the quantity and locations of groundwater inflows, and data from the as-built records to better 
understand how the structure was built and how the waterproofing, if performed, was applied. 

A comprehensive walkthrough and itemization of leaks is performed following this stage, 
and digital scans are typically performed at this point in the investigation. The digital and 
visual data are then combined with as-built structural, geological, and hydrological informa- 
tion into a comprehensive database of existing conditions. This database, called 
a Tunnelband, is used to develop the rehabilitation solution and made part of the procure- 
ment documents, allowing for an informed bid by specialty contractors. 

During this phase of the work, it is also essential to capture the owner’s goals of the project, 
and understand the purposes of leak remediation. Depending on the structure’s uses, the 
owner’s future plans for the structure, and also varying goals in public areas (e.g. station plat- 
forms) and private (e.g. ancillary back of house rooms) areas, the recommended remediation 
strategy may change. For example, an owner of a subsurface mass transit station may want to 
ensure that no leakage occurs in all areas of the station where the public can access, but may 
find small amounts of residual leakage acceptable in back rooms, storage facilities, and 
throughout adjacent tunnels. Understanding the owner’s goals, and working with them at 
every step in the process will aid in ensuring that the leak remediation strategy is consistent 
with their expectations and will help facilitating a successful project. 


3.3 Remediation selection 


Following the gathering of all relevant information, a design phase is undertaken where all of 
these data are taken together to recommend a comprehensive remediation strategy for the 
structure. When taking the gathered information into account, there are still several other fac- 
tors to consider when recommending a path forward. 


3.3.1 Structure types 

While there are some remediation methods that are independent of structure and lining type, 
many are not. Curtain grouting is a viable option anywhere that a systematic grid for grouting 
can be developed, but crack injection is generally only appropriate for concrete-lined struc- 
tures, or in some masonry-lined structures. Replacement of the lining can only be accom- 
plished where sufficient clearance can be maintained after the new lining is installed. 
Additionally, most coatings can work on all lining types, however special care must be taken 
when performing this repair method on shotcrete-lined tunnels; due to the rough surface that 
is generally present, it may need to be smoothened by cementitious coatings prior to 
application. 


3.3.2 Ground conditions 

Most remediation options are suitable for a wide range of ground conditions, however curtain 
grouting is much less dependent on the substrate than some of the other remediation methods. 
Dewatering, for example, is suitable in cases where the substrate is rock; however, this is much 
more difficult in soft ground. 


3.3.3 Impact on operations during construction 

For an existing structure, the leak remediation program will impact the typical operations of the 
structure to a certain extent. If performed within a transit network, it is likely that the work can 
only be performed during scheduled outages, which may be limited to a few hours at a time at 
nights and certain times over the weekend. In a road tunnel, an adjacent tunnel may be briefly 
used for bi-directional traffic, but this is also typically limited to short periods of time. Work must 
not only be completed during these windows, but at the end of each window, the structure must 
be clear of any tools and work debris, and be fully operational. For these reasons, lining replace- 
ment or installation of an umbrella system can generally not be performed without a prolonged 
shutdown of the structure, which is not generally possible in many situations. Even the utilization 
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of modern lining overcutting machines behind a protective shield that allow for traffic operation 
have their limitations and will cause limited shut down periods. 


3.4 Procurement 


During the design phase, preparing for the procurement and execution phases is essential. 
Given that any of the more involved remediation methods involve a high level of specializa- 
tion, a specialized contractor is necessary to assure the success of the remediation project. It is 
recommended that a prequalification process be undertaken to allow for qualified bidders to 
be selected prior to the distribution of the Contract Documents. 

When prequalifying is not possible, i.e. due to an owner’s legal obligations early notice of pro- 
curement is crucial for obtaining multiple competitive bids. The nature of these projects typically 
requires specialty contractors to form partnerships with larger, general contractors. These pursuit 
partnerships take some time to form, and the earlier notice given to potential bidders, the better. 


3.5 During construction 


During construction, it is critical to ensure the presence of a qualified Engineer of Record rep- 
resenting the design intent as well as perform a thorough qualified inspection to verify the 
remediation was performed in accordance with the Drawing and Specifications (Gall, 2000). 
The presence of an Engineer of Record on site aids in capturing data regarding the work 
being performed, and a thorough inspection can demonstrate the work has been acceptably 
performed, can be used to direct the Contractor to revisit certain areas, and can be used by 
the owner as part of a repository of data for the work that was performed. 


3.6 Leakage criteria 


The definition of acceptable leakage criteria post-construction should be established early in the 
project life with the owner. Leakage criteria can be uniform throughout the whole structure or 
varied based on location; an owner may want certain areas to be completely dry. The leakage 
criteria should be clearly defined in the specifications and drawings. Although a completely dry 
structure is sometimes preferred, a common baseline for acceptable leakage criteria to be included 
in the specifications is accepting localized damp spots due to capillary action, but prohibiting drip- 
ping or flowing leaks. Another utilized metric is accepting leaks that, when blotting paper is 
applied, the amount of leakage must be less than a certain diameter on the blotting paper. 


3.7 Maintenance after construction 


After construction is completed, the completed rehabilitation is outlined in detailed as-built 
drawings which also provide the owner with an operation and maintenance manual outlining 
for periodic observation of the structure and checking of its performance. Ultimately, this 
information is implemented into a “BIM Digital Twin” that is used by the operations and 
maintenance staff for long-term observations. While this is important information to have in 
all cases, this is particularly important when crack repair, dewatering, or drainage is per- 
formed. As mentioned previously, crack repair can lead to water finding new pathways 
through the structure, and continued maintenance should inspect the structure periodically to 
identify if new leaks are appearing. Additionally, maintenance needs to be performed on 
a regular basis for drainage lines to keep them in good working order and unclogged. 


4 CASE HISTORY - WASHINGTON METROPOLIAN AREA TRANSIT 
AUTHORITY 


In 2018, GZ as part of a General Engineering Team under Gannett Fleming, was tasked by 


Washington Metropolitan Area Transit Authority (WMATA) in the Washington D.C. Metro- 
politan Area, USA, with performing water intrusion assessments on tunnels in multiple areas of 
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their system. This followed a well-received pilot grouting program which addressed water intru- 
sion in two miles of underground tunnels in Maryland. The goal of the assessments was to opti- 
mize future leak remediation work and involved performing inspections, executing a desktop 
study of all available documents, and preparing a report summarizing the findings. Both visual 
and digital inspections were carried out, with digital scanning performed, including highly- 
detailed photogrammetry of the lining. Over 21 miles of tunnels, shafts, and adits were assessed. 
and recommendations were made to WMATA for locations to prioritize. Several separate leak 
remediation designs were then developed, and these are in various stages of implementation. 


4.1 Implementation of the proposed holistic approach 


Prior to gathering information or providing recommendations, GZ met with WMATA to 
understand their goals of the leak remediation program. Given the size of the WMATA net- 
work and the spatial variability of magnitude of water intrusion experienced along the lines, 
along with the infrastructure present at different locations along the system, WMATA priori- 
tized certain locations and conditions along the network. Priority was assigned to areas experi- 
encing dripping or flowing leaks and areas where internal infrastructure could eventually be 
compromised by continued water infiltration. This led to the goal of optimizing the remediation 
strategy in terms of cost (in both time and money) of remediating the infiltration and the bene- 
fits of the leak remediation program. 

Once the goals and priorities were well understood and following the gathering of this 
information, a tunnelband was developed for all of the structures, displaying the geol- 
ogy, hydrogeology, inspection findings, photographs, and construction documents. This 
wealth of data allowed each section of tunnel to be compared to each other section of 
tunnel, which were used to both evaluate known problem areas and also identify add- 
itional areas that may experience negative impacts from water infiltration in the future. 
The tunnelband data were then used in conjunction with WMATA’s goals and priorities 
to consider possible remediation methods; after this exercise, unique recommendations 
were made depending on the structure type, owner priorities, leakage regiment, and 
access considerations. 


Figure 4. [TOP] Hi-rail vehicle used in scanning. [BOTTOM] Scan from a WMATA tunnel. 
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4.2 Innovative inspection techniques 


Given the long distance of the tunnels which were evaluated, conventional inspection techniques 
would have led to a considerable effort, both in manpower and track time. An estimate predicted 
over 90 shifts of night inspection would be required, at a minimum. As an alternative, high- 
resolution scanning was adopted. A hi-rail vehicle was outfitted with equipment to allow for mul- 
tiple miles of scanning to be completed each night. This shortened the track time required to 
under three weeks. These scans were then reviewed during normal office hours. This innovation 
greatly reduced operational impacts on WMATA and field staff required, without sacrificing the 
accuracy of the inspection. 


5 BENEFITS OF THE PROPOSED HOLISTIC APPROACH 


Typically, a one-size-fits-all leak mitigation solution would be applied that may treat each leak 
agnostic of leakage characteristics, ground conditions, owner priorities, and the structure of the 
tunnel. This repair strategy would grout each leak independently without context of the struc- 
ture’s overall leak regiment. Compared to recommendations resulting from the proposed holistic 
approach, this approach requires greater material and labor costs, may lengthen the duration of 
the remediation program significantly, and does not significantly improve the results. 

In addition to avoiding diminishing returns, this holistic approach can also proactively 
identify areas that should be addressed sooner to avoid potential negative effects in the future. 
An understanding of the spatial characteristics of ground conditions can aid in identifying 
where leakage may be seasonal, or areas where a prolonged multi-year drought can decrease 
flow from leaks during the duration of the drought. Utilizing a targeted, tailored holistic 
approach allows for funds, time, and labor to be optimized to meet the Owner goals. Add- 
itionally, understanding the structure as a whole, to include geology, hydrogeology, inspection 
findings, photographs, and construction documents, allows for an optimized and durable 
remediation solution in line with Owner priorities. 


6 CONCLUSIONS 


Water intrusion into existing underground structures leads to premature deterioration and 
increased maintenance costs. Often water intrusion is treated with one size fit all remedies, 
and little care is paid to the cause or characteristics of the water infiltration. Commonly, the 
symptom is treated, rather than the cause of the leakage itself. This can lead to an unsatisfac- 
tory remediation effort and requires additional time and money spent to repair the structure 
to the satisfaction of the owner. Utilizing a holistic approach to tunnel remediation allows the 
most appropriate methods for the rehabilitation to be implemented, taking all the structural, 
operational, and stakeholder considerations into account. 
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ABSTRACT: The United Kingdom’s (UK) Geological Disposal Facility (GDF) comprise 
a series of underground spaces such as disposal areas, service areas, and accessways to 
a surface site. Nuclear Waste Services (NWS), part of the Nuclear Decommissioning Author- 
ity (NDA) a government entity, has been tasked with delivery of the GDF. 

The digital GDF initial actions project (DGIA) created the foundation upon which con- 
tinued development and understanding of the digital engineering requirements of the GDF 
are being progressed. The project high-lighted the need to develop a common data environ- 
ment (CDE) approach to working across the GDF. The project pointed towards outlining the 
required steps needed to develop the Building Information Management/Modelling (BIM). 
The GDF is a system of a systems, the project also developed the GIS procedures needed for 
a major programme and set the requirement to bring both GIS and BIM systems into align- 
ment to facilitate the interoperable ecosystem of the GDF. 


1 INTRODUCTION 


Across the nuclear nations there is a shared challenge of safely, effectively, and sustainably 
disposing of the waste that arises from various fissile activities. The global scientific consensus 
is that geological disposal is the safest and most sustainable solution to the dealing with this 
type of high-activity waste (NDA, 2010). 

The United Kingdom’s (UK) Geological Disposal Facility (GDF) programme is a long 
term Nationally Significant Infrastructure Project (NSIP). Nuclear Waste Services (NWS) 
which is part of the Nuclear Decommissioning Authority (NDA), a government entity that is 
overseen by the Department for Business, Energy, and Industrial Strategy (BEIS), has been 
tasked with delivery of the GDF (NDA, 2010). 

The UK’s concept is to isolate it’s high-activity nuclear waste at depths up to 1000 meters 
below ground (RWM, 2016). Through isolating the waste at these depths two key things are 
achieved: 


1. Removal of radioactive material from the environment and human contact. Allowing the 
material to become safer whilst contained over the long periods of time, required for it to 
reach safe background levels (RWM, 2016). 

2. Dealing with the legacy waste and future waste from the nuclear sector as not to burden future 
generations with the hazard and ongoing high cost of current solutions, which over the long 
term do not present value for the environment or the taxpayer (NDA, 2010), (RWM, 2016). 
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The GDF concept is based on an engineered barrier system (EBS), a waste package within 
a backfilled vault that is contained within a natural barrier system (NBS), a host rock hun- 
dreds of meters below ground. The facility may ultimately comprise of a series of underground 
spaces that function as disposal areas, service areas, and accessways to and from disposal 
areas and a surface site (RWM, 2016). 


contain ink 


Figure 1. GDF concept (NDA, 2010). 


It is important then to recognise that the GDF is an underground civil infrastructure project 
at mining depths with nuclear and environmental safety requirements. With this is mind it is 
also essential to remember that the GDF is much more than the containment of waste at 
depth. It comprises of a full infrastructure project at surface and near surface as well con- 
necting into the required national infrastructure landscape, such as transport links, power, 
communications, and utilities. 

The GDF programme is the embodiment of a system of systems. The duration of the initial 
stages of the programme, site evaluation, characterisation, design and construction, testing 
and commissioning are set to last several decades. The operational timeline of the facility is 
estimated at spanning into the 23rd century. As a result, there is a large community engage- 
ment process which requires the programme to not only address the socio-economic aspects of 
a project of this nature; but also, concurrently engage on a vast data collection and informa- 
tion management capability development. Hence, establishing the right digital approach is vital 
to ensuring successful long-term management and delivery of the mission. 


2 DIGITAL GDF INITIAL ACTIONS 


Over the last two years NWS has been working with its supply chain partner, Arup, to estab- 
lish the knowledge and understanding of the digital landscape that will enable the long-term 
delivery and operation of the GDF programme. 

Due to the complexity and emerging requirements landscape of this project, many dif- 
ferent approaches to data and information are to be utilised. Therefore, interoperability 
is a vital attribute of this multi-faceted highly secure system. As the client organisation 
with the intelligent client and intelligent customer role, NWS has begun to set out the 
processes and procedures to be adopted on the programme by its supply chain partners. 

The various functional areas on the GDF programme range from site evaluation and commu- 
nity engagement, site characterisation, geophysics, and deep geological investigations, applied sci- 
ence research and development, nuclear safety, and post-closure safety case developments as well 
as the engineering space. The foundational digital work is therefore enabling the digital twin devel- 
opment and potential utilisation of artificial intelligence (AI) across the complex interfaces. 
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The digital GDF initial actions project (DGIA) set the basis to create a common data envir- 
onment (CDE) and geospatial information systems (GIS) requirements needed to stablish and 
information management strategy for the GDF. A roadmap to standard development along 
with information management standards, methods and procedures set the basis for processes 
and functional outputs templates development. 

With the current programme focus on the site evaluation and the feasibility study phase, NWS 
has established its exchange information requirements that are now aligned to ISO 19650. This 
will enable the collaborative relationships between NWS and its supply chain partners to effect- 
ively handle data and manage information to a single defined set of client-controlled processes. 


3 BIM AND MODEL-BASED ENGINEERING APROACH 


The GDF approach to building information management BIM is growing in line with the ISO/AWI 
18136 Framework for Nuclear Digital Ecosystem (NDE) (ISO/TC 184/SC 4 Industrial data, 2022), 
developed by the ISO technical committee TC 184/SC 4/WG3 from which NDA is a key contribu- 
tor. The NDE is a value creation community of stakeholders for nuclear power facilities during the 
entire lifecycle. Within this context, these stakeholders exchange information controlled by global 
governance and safety regulations underpinned by the implementation of ISO standards. 
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Figure 2. Existing standards for the NDE. 


These are supported on two implementation pillars: the Management method (systems 
engineering, requirement management, configuration management, operation management, 
and repository management) and the Technical Method (breakdown structure, numbering 
system, ontology, and modeling method). 

These enable a model-based engineering approach that will provide the best value possible for 
the data generated in the GDF. For example, clients with similar objectives such as National 
Highways have based their BIM strategy on structuring their asset data requirements in terms of 
GIS and 3D models so that they can be reused after Handover into Maintenance. These eventually 
will be used in central databases where applications can be created to automate design feasibility 
studies without the need to bid the work to external stakeholders (National Highways, 2019). 

NWS organisational requirements for data integration and interoperability are based on the 
model-based engineering concept described. 
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3.1 Organisational requirements 


The programme timeline is on the century scale. The initial site evaluation phases and investiga- 
tions to characterise a site and develop a concept design is forecast to run for the next 25 years. 
Obsolescence is therefore a consideration on the programme. Taking the approach of adopting 
a leading-edge position for data and information management processes, whilst allowing agile 
adoption of technology solutions to meet the programme requirements, is considered the most 
pragmatic way to operate. The Organisational Requirements (OR) will differ from Engineering 
Feasibility study to the eventual Construction and Handover requirements. These need to be 
assessed as the GDF progresses and in turn these will guide the information management strategy 
of projects including BIM Execution Plans. The OR will change depending on stage so these need 
to be consistently reviewed and updated as part of the client role on maintaining the BIM process. 
For example, at concept design, there is a requirement to describe all materials for which heat 
needs to be considered in the design of the disposal facilities. The High Heat Generating Waste 
(HHGW) Disposal Concept project is a multi-disciplinary NWS Engineering feasibility study to 
build and support NWS’s capability to develop site-specific concept designs. HHGW is used to 
describe all materials for which heat is a key factor in the layout design of the disposal facilities. 
The objectives of this project are: 


1. to ensure that NWS has the capability to develop site-specific concept designs to the 
required quality and timescales by testing the design processes and tools, and identifying 
learning and process improvements, 

2. to test how the initial site contextual data and information could be used to inform concept 
designs and how the concept designs could inform the specification of site characterisation 
information needs and 

3. to improve NWS’s knowledge base, generating technical information that may 
(a) provide design and safety information that could inform the concept designs for par- 

ticular sites, 
(b) provide design and safety information that could inform waste management decisions and 
(c) contribute to addressing generic work streams. 


The CDE and Information systems need to be developed around these objectives for NWS 
to receive the best value for money for the data generated. Therefore, a CDE strategy was 
developed at early stages. 


3.2 Common data environment roadmap 


The DGIA project delivered a roadmap to a CDE based approach. This work outlined the con- 
cept of CDEs and how they are used across various other NSIPs such as High Speed Two (HS2). 

An initial analysis for the CDE development was performed and highlighted the expected 
incremental growth in the number of components and in terms of evolving complexity 
through the different phases (See Figure 3). 

Phase 1 — Formative Engagement 

In phase 1 the key challenge was to manage the integration between GIS and customer rela- 
tionship management (CRM) systems and expose them to the supply chain using an initial 
CDE that allows federation between these systems at a later stage including collaboration and 
document management. At this early stage it was also important to improve the consistency in 
which existing data was interpreted. Therefore, ontologies, metadata, controlled vocabularies 
were selected from existing sources or produced when required. 

Phase 2 — Constructive Engagement 

Greater integration of the database management system (DMS) components was expected at 
this stage. The integration plan considered the ease of integration and configuration level for the 
selection process of the DMS components. Greater configuration of the integrated search was 
required as many of the viewers were commercial off-the-shelf software (COTS). For this case, 
APIs integration were explored. The scientific database and the workflows around data package 
ingest did not have an Obvious COTS application, hence bespoke customisation was explored. 
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The need of an Historian style schema and customised 3D spatial queries were key requirements 
that guided the selection process. This selection process was phased and required of Use Cases. 

Phase 3 - Site Investigation (Non-Intrusive) 

The ability to have a controlled access to the data sources through a Web Interface was 
a key enabler to the collaborative scientific knowledge base. This progressed from a basic 
search to federated search, navigation and dashboards as a preparation for the intrusive phase. 

Phase 4 — Site Investigation (Intrusive) 

Within this stage, the components reached full maturity. Data standards were created ahead 
of phase 4 to ensure high levels of data interoperability and semantic consistency. At this point, 
clear provenance of data and configuration management allowed for visualisation of 3D geo- 
logical models. This was a time when the number of uses, types of data and volumes of data 
grow significantly. Drilling datasets and borehole viewers were introduced at this stage requiring 
Integration with the Web portal and the setup of Quality Assurance workflows. 


(L) Low Complexity / Basic Features 
(M) Medium Complexity / Features 
(H) High Complexity / Feature Rich 


Digital Preservation (L) 


3D Model Viewer (L) 
Image Viewer (L) 
Ingest & QA Workflow (L) 
File Format Register (L) 
Controlled Vocab (L) 
Public Website (L) 
Scientific Database (L) 
Metadata Standards (L) 


Figure 3. The required capabilities of the DMS components through the phases of the investigation. 


3.3. Common data environment requirements 


The requirements for the CDE depended on the quantity and complexity of the data being 
generated and the level of interaction required with that data. At early stages of the siting pro- 
cess the data is less complex and based on public domain data, while later it increases its com- 
plexity, in terms of stakeholders and disciplines involved. 

These requirements are based on a previous study of the risk and benefits related to the used of 
the CDE environment. For example, there are risks related to the capability of working with 
a growing number of stakeholders and keeping appropriate versions of the trusted information. 
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Another important factor to consider is the invertedly release of sensitive information. There are 
also concerns on the capacity of existing platforms to handle large amounts of growing data, 
which could lead to data loss, and costly and time-consuming re-work. 

These mentioned risk among others have been considered and factored into a list of benefits 
that lead to the development of CDE requirements. For example, as a consequence of mitigating 
the forementioned risks, a common ‘source of trusted information’ must be available to all 
authorised stakeholders. This requires material from different sources (tools) to be readily inte- 
grated and the CDE must cater for all file types. Another anticipated benefit is that the digital 
content must be trustworthy, of known version and provenance. For example, there is 
a requirement to develop automated workflows and maintain an audit trail. 


3.4 GIS Requirements and integration with the CDE 


Limitations of the existing GIS platform were noted, and these are being addressed though 
the evolution and replacement of the existing platform. Esri’s ArcGIS software hosted on an 
Amazon Web Services (AWS) public cloud platform was the existing system used. The key 
limitation for the use of the system was the integration with the other information services 
used by NWS (such as e-document management, engineering model management, customer 
relationship management, etc.). 

The overall CDE architecture is being configured to ensure that the GIS spatial database 
engine (SDE) is able to connect seamlessly and at high speed to other information and data 
stores elsewhere in the CDE. These could include document and record management systems, 
2D and 3D model repositories, and image libraries. To enable that connection, there was an 
initial standardisation of processes. 

The initial GIS processes were created with the principal purpose to enable users to store 
data in a centralised repository therefore facilitating analysis, modelling, exploration and shar- 
ing of the centrally held data. The configuration of the NWS GIS SDE, the policies, roles and 
rules applicable to its use has been established in the management system so users are 
adequately prepared. The activities required to deploy effective GIS capability on the GDF 
are shown in Figure 4 below. The objects shown in yellow represent the documentary products 
developed by the corresponding activity. 


Specify User Develop Develop Define Set Data $ Configure Load 

Requirements Access & System Standards & Storage Project Baseline 
Usage Architecture Templates Policy Data Reference 
Policy Register Data 


of + 4 


Figure 4. GIS deployment. 


3.5 Site supplier information pack 


In order to enable the CDE and GIS standardization of processes for future interoperability, 
information packs were created for the NWS supply chain, detailing how to interact with 
NWS’s systems and correctly use NWS templates. 

This task was aimed to identify areas in which NWS’s present information and data manage- 
ment (IDM) capabilities should be enhanced, taking account of the guidance offered by relevant 
standards including ISO/IEC 19650 with a particular emphasis on the use of a ‘common data 
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environment’ (CDE). Taking an Agile approach to meet programme requirements, it was agreed 
to improve and standardise spatial data management; development and production of templates 
and associated quality processes. 

The need for a CDE broadly agreed by all parties required engagement across functions and dir- 
ectorates from teams in Environmental and Engineering, GIS, Requirements & Integration, Site 
Characterisation, and Siting with the Digital GDF. To enable the use of a CDE, Project Information 
Standards were required. These covered the storage, exchange, structure and use of information as 
well as expanding the metadata and taxonomy of data within templates to increase efficiency and 
consistency. For example, standards, registers, and templates were created for the following docu- 
ment types: CAD Drawing block, borders, Reports, Technical notes, Specifications, Design notes, 
Calculations, Document Review Sheets Field Reports, Field Logs, Images, Maps and Models. 


4 FUTURE DEVELOPMENTS 
The Geotechnical Disposal Facility (GDF) Initial Actions project (DGIA) set the basis for an 
integrated CDE across multiple business functions. Arup helped NWS to develop a digital 


strategy based on the following key outputs: 


Table 1. Digital Strategy key outputs. 


CDE requirements 


Spatial Data Management Requirements 


A roadmap for Project * Project Information Standards: The objective of this document is to set out 
Information Standard the agreed project information standards covering the storage, exchange, 
Development structure and use of in-formation arising over the project lifecycle 
* Document numbering procedure: This document proposes a common 
approach towards a numbering structure that should be assigned to all 
GDF project documentation generated by or received by NWS. 
e Project Information Production Methods and procedures: This procedure 
covers all controlled documents produced for and by NWS stored and man- 
aged in the NWS electronic document and records management systems 


(EDRMS) 
CDE initial architecture ° The document covers High level evolution of NWS’s current IT systems 
and initial roadmap landscape, Information Management issues and CDE requirements. 


e Review, via case studies, of how other government bodies and projects 
develop and deploy CDE’s of a similar scale. 

¢ The main principles for a CDE that NWS needs to consider in conjunction 
with an overall digital strategy. 

e Initial high level CDE architecture that NWS’s needs to develop as an 
approach to site characterisation data management, including looking at 
options for a staged approach. 


GIS, IM and BIM templates and processes for supply chain engagement. 


After the Initial Actions Project, NWS is looking to refine its digital strategy by developing 
the following set of documents for BIM/Information Management governance (See Figure 5): 


¢ Organisational Information Requirements 

« Asset Information Requirements 

° Security Information Requirements & Guidance 
e Project Information Requirements 

* Exchange Information Requirements Template 
¢ Information Delivery Plan (Template) 

°- Information Management Protocol 

¢« BIM Execution Plan Template 
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Figure 5. Digital Strategy Governance documents interrelationships. 


The documents will be revised at agreed milestones. Currently, findings and recommenda- 
tions will be needed to identify where further engagement is required. e.g., externally with 
Centre for Protection of National Infrastructure (CPNI), or Centre for Digital Built Britain 
(CDBB), for future collaborative call off work as required. 


5 SUMMARY 


The scale and complexity of the GDF programme requires disciplines to come together in 
ways that previously they haven’t. The nuclear decommissioning sector is not as mature with 
aspects of digital engineering as the wider infrastructure sector is. This is down to the fre- 
quency of projects undertaken. This has required a rapid learning curve which is also pointing 
to areas of interoperability that have not been at the front of the debate before. 

Whilst the GDF programme has been able to take advantage of an infrastructure sector 
that has spent the last 15 years developing digital approaches to work; it is also contributing 
to addressing some of the more complex interfaces and helping the wider infrastructure adjust 
and adopt to a type of project which has never been undertaken before. 

The learning being developed in establishing requirements by a client on a complex infra- 
structure programme will aid the sector to continually improve in its ability to align and 
develop major capital programmes to the most effective data and information management 
processes for ever increasing chances of successful and sustainable delivery. 
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ABSTRACT: The tunneling industry is exploding with data gathered from various sources, like 
sensors installed at TBMs, site equipment and periphery, but also from secondary sources like 
tunnel information models (TIM) and third-party project data. Sensor data is structured data in 
digital form, used for documentation, analysis and reports, diagnosis of failure and design of future 
projects. Secondary data is often stored in unstructured form and hence unfit for data science while 
still highly relevant for predictive analysis. Manual analysis of these vast amounts of data is time 
intensive and calls for automated data analysis. Data science methods are useful tools to analyze 
the data and make predictions to increase operational efficiency, improve maintenance, safety 
aspects and prevent downtimes during the tunneling operation in an automated approach. How- 
ever, it is also crucial to understand the underlying behavior of the data under different conditions, 
like changing ground conditions or fault zones, as well as the influence of the human factor. Ensur- 
ing high quality and consistency of different data sources becomes a challenging task e.g. for the 
performance of machine learning models. This paper summarizes the lessons learned on a data sci- 
ence project in TBM tunneling and it describes the benefits and challenges as well as a roadmap for 
data science in the tunneling industry. It will be crucial to combine the knowledge of different 
domains, like mechanical engineering, civil engineering, information technology, data engineering 
and data science for new applications and use cases in TBM tunneling. Further challenges in 
human resources like an aging technical work force, limited availability of personnel with the neces- 
sary skillsets and limited awareness of the required cultural changes, are hampering the progress in 
the field of data science in TBM tunneling. 


1 INTRODUCTION 


Advances in micro-sensors, cloud technologies, computation power, and the internet gave access 
to vast amounts of data, which led to the emergence of data science as a field of study and prac- 
tical application. Data science is one of the most progressive technologies and finds its way into 
the tunneling industry. However, most processes on a TBM are static or decided by humans 
based on their experience. This makes processes unpredictable and unreliable. To automatically 
increase efficiency and get the optimal machine operation, automatic systems and other data 
sources must be considered. Even though there are up to over 3000 sensors on a single TBM, the 
sensor information is scarcely used to operate the machines. AI is the key technology to process 
these amounts of sensor data and taking other sources into account. The impact AI could have 
on the tunneling industry should not be neglected. The pace other industries are evolving AI 
solution must be picked up. There are many possibilities and use cases, which could benefit from 
data science applications, in the field of tunneling. Even though there are these big amounts of 
data already collected, and some approaches towards automation and predictive maintenance 
(Weiser, et al., 2022) have been taken, the field shows high potential for future developments and 
innovations. The influence of secondary sources on the operation of the TBM is significant and 
must be regarded for nearly every prediction. For example, if an AI wants to learn from advance 
parameters, all influences must be taken into account, to get a proper model out of it. Not only 
machine parameters, but also the ground conditions influence the advance of the TBM. 
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Additionally, the machine parameters are driven by human operators, whose driving style differs 
from each other. The tools condition on the shield influence how easy the TBM could proceed 
with the advancement. An AJI-developer must consider all these different conditions and informa- 
tion to automate a process. This makes it a field which requires interdisciplinary skills. 
Researchers and developers, coming from different disciplines must work together and organize 
requirements to understand each other. Figure 1 shows the different domains working together. 
An aging work force, not understanding the topic of computer science, focusing on engineering 
skills, workers not aware how important accurate data collection is, or workers afraid of AI hin- 
dering progress. This article starts with an introduction to data science, machine learning (ML), 
and AI, as well as an overview of domain specific data in section 2. Then an overview of use 
cases, which could revolutionize the tunneling industry are introduced in section 3. Some of the 
challenges and pitfalls data scientists must conquer in the domain of tunneling are described in 
section 4. A roadmap is depicted in section 5 based on our personal experience, when working 
with tunneling data. It should bring awareness, with which challenges to cope in the data science 
projects stages and help other developers to avoid seatbacks from the beginning. 


2 DATA SCIENCE IN TBM TUNNELING 


Data science is a fast-growing field of great interest. Several businesses are considering it crucial to 
invest in data science and the collection of data, to derive value from the gathered information. 
Information comes in different forms, it can be structured, like in sensor data, but it can also be 
unstructured, like text reports or machine specifications in PDF format. A groundbreaking technol- 
ogy that changes our daily lives is the internet of things (IoT). Smart devices generate gigantic 
amounts of structured data over the internet. For example, a TBM with 2000 sensors, from which 
each takes a sample every 100ms and publishes the information to a database, makes over 51 billion 
data points for one month. Every point of this huge amount of data is valuable information for data 
science. This vast amount of information is too vast for statisticians to analyze. That’s where data 
science comes into the play. AI algorithms implemented by Data Scientists can process massive vol- 
umes of data in real-time to create solutions improving business performance. The solutions help the 
business to reduce operational costs, reduce their energy footprint, focus on resources, improve their 
performance, make smarter decisions, achieve business growth and much more. However, the tun- 
neling industry is facing special challenges. TBMs are unique and differ between construction sites, 
which influences advancement and equipment. As stated before, the environment is influencing the 
parameters strongly, so it must be taken into account. The information about these conditions is 
tricky in the tunneling industry, since it operates in an unknown environment, and it is not possible 
to visualize the environment with computer vision techniques like it is done e.g., for traffic analysis 
aboveground. Often the only information about the environment comes from geological reports, 
which are not standardized and differ in every project. The AI processes to take all the structured 
and unstructured information into account, differ strongly. Structured sensor data can be analyzed 
with principles of time-series analyses, whereas the prediction of soil is often based on Deep Learning 
approaches. To get the information of unstructured geological PDF reports, Natural Language Pro- 
cessing (NLP) techniques must cope with these unstructured files to find patterns and to extract 
essential information. In the end information from different fields must be combined to get as much 
information as possible from the different sources. 


2.1 What is data science? 


Data science is an inter-disciplinary field (shown in Figure 1 on the right side), combining statis- 
tics, computer science and domain knowledge. In data science, methods of mathematics and stat- 
istics are used to develop algorithms that extract insights from data. Computer Science skills are 
needed to interact with computer systems, work with different data types and combine the work 
to a solution. Before data can be analyzed the data must be acquired and read out from different 
sources, like third-party reports, sensor data, images and so on. Most data is messy and unusable 
for data science in raw state and needs a lot of preprocessing. Preprocessing makes up to 80% of 
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the data science process. It is the first step of a data science lifecycle and called Data Cleaning. 
This step deletes duplicates, merges data from different sources, finds structural errors and deletes 
outliers. Missing or deleted data is imputed by different methods. It could be substituted with 
average values of the other data points, or just be ignored for ML. After the cleaning step, the 
data is ready for use processing. ML models can be built for automatic computation. These are 
algorithms, learning a mathematical representation of the output data. Different techniques and 
algorithms improve their underlying model stepwise through experience and input data in terms 
of a given performance metric. These ML models extract meaningful information to predict 
future patterns and information. ML is a subfield of AI, a branch of computer science, which can 


Figure 1. In many ways data science is a cross-disciplinary field, which can be expressed in different 
ways. Artificial intelligence and Machine Learning approaches play an important role in the data science 
field, but also the domain, scientific questions and subject matter expertise need to be considered to find 
well suited solutions. 


be defined as the capability of machines to mimic intelligent behavior. The strength of ML 
models is in discovering patterns within training data. As stated before, the underlying model for 
sensor data differs strongly from a model, which learns how to extract information out of 
a report or from a video sequence. A pattern in sensor data could be the task to find correlations 
in multivariate sensor data, whereas the pattern in a PDF file is based upon NLP. An example 
for analyzing a report file could be to find a pattern, which describes a geology in a geological 
report. Computer vision solutions, like image recognition, use specific kinds of neural networks to 
find patterns in images. A data scientist needs to find a suitable approach for different problems 
and combine them to get as much information as possible. 


2.2 The data pipeline in tunneling 


Various sensor types can be found on Herrenknecht TBMs, like flow meters, pressure sensors, 
distance sensors, force transducers, gyroscopes, level gauges, speed sensors and much more. They 
measure physical values like advance parameters, speed, pressure, torque, thrust force and so on. 
These sensors are connected via internet to a database, forming an IoT network and can be 
accessed via a cloud service from customers everywhere (Weiser, et al., 2022). See Figure 2 for an 
overview of the Herrenknecht IoT Connected. IoT is the connection of physical devices, vehicles, 
plants and other items over the internet. The amount of sensors connected on a TBM is growing 
fast, the development over years in contrast to the number of sensors is huge, like shown in 
Figure 3. But not only sensor data is collected on TBMs, also photos and videos showing the soil, 
are collected on the TBM. This opens the door for new techniques to monitor the TBM automat- 
ically and make predictions on the gathered information. 
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Figure 2. Connectivity and structure of Herrenknecht data management and IoT solution for local and 
worldwide web access. 


3 DATA SCIENCE USE CASES IN THE TUNNELING INDUSTRY 


Data science can bring industrial revolution to the world in every niche. In this chapter use 
cases will describe some of the possibilities of analyzing TBM data and understanding the 
insights from the massive amount of information. Data-driven decisions can help the tunnel- 
ing industry to proceed more energy-conscious, increase operational efficiency, maintenance 
and diagnosis, as well as safety aspects (Glab, et al., 2022). Downtimes, predictive mainten- 
ance of tools and machines could also be predicted by ML models. Three promising use cases 
will be introduced in the following chapters. There are many more interesting use cases, like 
predicting downtimes, predicting the disk wear at the cutterhead (Weiser, et al., 2022) and 
material flow automation, which would go beyond the scope of this article. 


3.1 Reduce carbon footprint 


Energy consumption is a major concern faced by industries worldwide not only for reasons of 
saving the planet, but also for economic aspects. In February 2022, energy prices in Germany 
have risen by 129.5% compared to the same month of the previous year for imported energy, and 
by 68% for energy produced in Germany (Destatis, 2022). Sensors, telematic systems and acceler- 
ometers can track the performance and the usage of TBM components. Electric components and 
engines have a specified energy usage, from which the energy consumption can be calculated with 
the gathered data. The overall energy consumption can be monitored remotely in real-time, and 
a smart energy system can optimize operation to reduce energy and fuel waste or to extend the 
lifespan of the components. But not only the components on the TBM, or the plants on the job- 
site could be monitored and optimized, but also Multi Service Vehicles (MSVs) supplying the job- 
site with operating materials and responsible for removing the excavated material. The load 
capacity of the MSVs can be measured with force sensors to optimize the load by converting the 
mechanical load into an electrical signal and save energy by smart planning algorithms. 


3.2 Soil classification and prediction 


The operation of the TBM, material consumption (e.g., bentonite), tool wear and other param- 
eters depend on the ground, the TBM is operating in. To get a higher accuracy for prediction 
models, ground characteristics should be considered in most ML models. However, in tunneling 
it is challenging to predict all required geotechnical parameters with sufficient accuracy and reli- 
ability. The geotechnical reports give a point of reference, which soil to expect at a specific station, 
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but the points between borehole locations must be interpolated or interpreted. To consider the 
soil in real-time, a system classifies the soil during the advance. A multi-sensor system, implement- 
ing different sensor types, like computer vision sensors use Neural Networks and labeled data to 
classify the soil type. Predicition models are then able to consider the influence of the soil types or 
to detect fault zones. If the digitalized geotechnical report predicted another soil type, the soil 
type will be updated by the gained information, which is then played back into the Building Infor- 
mation Model (BIM). 


‘Ss 
400 = <atio™ 


gah 
> 2.000 


Sensors 
Frequency; < 1s 
~ 500 — 1.000 kaa 


Sensors 
Frequency: 1s 


~70 
Sensors 
Frequency: 10s 


1985 1996 1997 2006 2014 
HERA Sydney Hamburg Shanghai Hong Kong 
5,95m  10,70m 14,20m 15,43m 17,60m 


Figure 3. Overview over the development of sensors. 


3.3 Optimize advance rate 


The advance rate of the TBM and the ability to adapt the advance to different ground types has 
a high impact on the efficiency of construction. The machine operator needs to consider the 
advance rate to improve the efficiency of construction. Operating parameters, like the thrust force, 
the rotation, the torque, and the penetration rate, as well as machine specification, like the type of 
machine, its motor and the size and the soil in which the TBM operates influence the advance rate 
and must be considered. The many parameters gathered from old projects, with similar machine 
specifications and ground conditions enable the prediction of the advance rate for a given project. 


4 CHALLENGES 


In our work we have faced some challenges which are typical in the domain of tunneling. The 
data is not gathered for data science problems and needs to be fitted to the requirements a data 
science model has. The tunneling industry is mostly an engineering field, and most workers and 
engineers have no computer science background, which makes it important to raise awareness for 
data quality requirements. This makes data science a challenging task in the tunneling industry. 


4.1 The domain challenge 


The tunneling industry faces exceptional challenges in terms of data science. Examples are an 
unknown or an uncertain environment, which is hard to predict. It is nearly impossible to 
implement sensors at the shield to get a view of the working face. The soil needs to be ana- 
lyzed with different methods or the geological information needs to be taken into account. To 
understand the parameters of the TBM, understanding the functionalities and the assembly of 
the TBM as well as its components is important. The influence of the soil onto the operation 
and its advancement must be combined. This information is often distributed over different 
documents and departments in a company. Data scientists require a profound understanding 
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of the technical matter involved. It is not easy to hire data scientists with a deep understanding 
of TBMs, geological background and broad ML skills. Additionally, external companies 
working with data science are often specialized in e.g., the automotive industry and there is 
not much workforce experience in the tunneling industry. 


4.2 The data challenge 


Most data collected on the TBM is structured data and time-series analyses can provide great 
insights and predictions on the data, based on the patterns. Data Engineering techniques help to 
calculate offsets between the data points, but since the sensors have not been implemented just for 
data science purposes, they do not follow a specific architecture. This means that the sensor names 
could differ on each TBM, which makes it hard to transfer a learned model to another TBM. The 
sensor can also be mounted in different locations on the machine, since the machines differ from 
each other strongly. To ensure good predictions, it is important that sensors operate safely and reli- 
ably. In the tunneling industry there are harsh environmental conditions, and sensor failures are 
written into the database without notice. When learning from the data it is hard to detect or find the 
cause of failure. Documents like geological reports are not structured. Some reports are scanned 
from other documents, not following a pattern, or using different words for a single parameter. This 
makes it hard to automate the acquisition of information from files about geology or the machine. 
Furthermore, manually documented information on the job site is almost useless for AI applications 
and the industry needs to shift towards automatic monitoring of the entire tunneling process. 


5 A ROADMAP FOR DATA SCIENCE PROJECTS IN TUNNELING 


Many challenges and confusions should be expected on the way to build data science projects 
from scratch based on the troves of machine data collected and additional information. The fol- 
lowing roadmap should assist to gain valuable insights from the data with data science prin- 
ciples and show on which areas a data scientist should focus when coping with the domain of 
tunneling to avoid the pitfalls we faced at Herrenknecht during our data science projects. 


5.1 Data acquisition 


The basis for data science is the data itself. The collection and acquisition should be standardized 
from the beginning. The workers installing the sensors, as well as the designer of the TBMs and the 
worker collecting data manually need to be aware of the influence their work has on the data science 
outcome. Logical checks should be implemented from the beginning to flag uncertain or unlogical 
data points. The data scientist can then analyze the data points and may ignore them in the learning 
process or replace them with an appropriate technique. Files describing information in text, like 
reports, should follow a structure from the beginning. For example, attributes of different rock types 
or machines should be described and standardized for every project, so the information can be 
found by AI algorithms automatically. It is of upmost importance to get the best value out of data 
from the beginning. 


5.2 Data cleaning and preprocessing 


Data cleaning is a time consuming, but nevertheless highly important and underrated task of the 
whole data science process. Proper data hygiene is important for the outcome of the ML model. 
Inconsistencies, errors and messy data lead to flawed predictions and analyses result. This makes 
date cleaning, often also called data wrangling, so important. In this step a data scientist or data 
engineer finds solutions for incomplete, inconsistent, duplicated, inaccurate, irrelevant, corrupted or 
incorrectly formatted data. Data cleaning costs 60-80% of the overall time and the quality of the 
resulting data has a huge impact on the data science outcome. After cleaning the data, the results 
should be inspected and verified for correctness. A high quality data standard should be stored in 
a database for data analytics or ML models to combine the parameters for different questions. 
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5.3 Data exploration and feature engineering 


In this step a problem should be defined to meet a goal for business decisions or to gain valuable 
insights and to take the decision based upon the analysis. The variables on which a good deci- 
sion is based are called the features and need to be identified in this step. This is the process of 
feature engineering. How these variables interact and if they are dependent on each other needs 
to be analyzed. Also, decisions, like how to treat missing values or information and outliers 
must be made. Then new variables, which are related to the problem in a causal way, can be 
created or other ones transformed. A lot of domain expertise and an understanding of business 
goals is necessary in this step. The data scientist should have the possibility to talk to different 
departments about the outcomes. This is an iterative step which sometimes needs to be repeated 
several times. A continuous exchange should be planned for the whole project. 


5.4 Predictive modeling and data visualization 


Depending on the data and the stated problem the data scientist developed a model. These 
models can be based on statistics or ML driven. Once the data is modeled, first insights can be 
derived and the data science solution can be evaluated. Accuracy is an important evaluation 
criterion, which describes how well the model fits the data. Depending on the ML Model, not 
only the correctness but also the transparency of the prediction process and the model output 
are relevant. This accounts for e.g., Neural Networks, since they are a black box type of algo- 
rithms, giving less insight on how they approximate a function. For these models it is impos- 
sible to understand why and how a certain output was generated (Henning, et al., 2021). 
From the beginning the data scientist should consider explainable models and visualize the 
data to make it easily understandable. But it is also important to consider its relevance, by 
asking the question if it is possible to answer the question with the model. Before publishing 
the model, it should first be deployed in a test environment. This stage should be scheduled at 
the beginning, documented and iterated several times to achieve best results. 


6 CONCLUSIONS 


Incorporating data science approaches in the tunneling industry can significantly lower costs by 
automating and predicting energy consumption, safety aspects, tool wear, maintenance, sophisti- 
cated models, integrable in BIM and much more. Data is the key to innovation, and there is 
a vast amount of data collected on the TBMs and additional sources. Data science and ML solu- 
tions are advancing the industry fast and tunneling companies should consider these solutions to 
keep up the pace of development. There is no doubt that data science opens up new opportunities 
for improved tunneling operations. Without further innovation, the tunneling industry will fall 
further behind other industries. To keep up the pace, challenges and pitfalls must be considered in 
every project stage, by following the roadmap of data science in tunneling. 
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ABSTRACT: The expansion of the underground tunnel network is calling for new methods 
to allow for their monitoring in an efficient way. A new approach to assess the safety level of 
segmental lining of tunnels excavated in rock based on discrete monitoring points is devel- 
oped. Artificial Neural Networks (ANNs) are deployed for the prediction of quantities of 
interest, chosen for the assessment of the utilization level of the lining, based on input strains. 
A finite element (FE) model of the lining is created to generate the data required for the train- 
ing of the ANNs. Eventually, two benchmark scenarios are defined in order to test the 
approach, by creating FE models representing the excavation process and the lining installa- 
tion. The predictive model is fed with the input quantities of the testing scenarios and 
a comparison among predictions and reference quantities is drawn. 


1 INTRODUCTION 


Over the last decades, a remarkable increase in the number of tunnel projects has been recorded, 
as a consequence of high speed connections to improve the capacity of the transportation net- 
work. With a particular reference to shield tunnels, to guarantee their safety and their operating 
conditions, the monitoring of segmental tunnel lining plays a key role in providing measure- 
ments of pivotal quantities, such as tunnel displacements or strains, by means of the application 
of a variety of sensors. With the availability of such information, it is important to investigate 
how these data can be used to increase the knowledge about the lining state, in particular with 
regards to its level of utilization. Back analyses can be carried out to reconstruct the stress con- 
ditions in the segmental lining, as it is reported in (Do et al., 2014), (Fabozzi et al., 2017). How- 
ever, the recent developments in machine learning have opened up the exploration towards 
novel approaches and applications of numerical algorithms in tunneling. 

The use of Artificial neural networks (ANNs) as machine learning tool, permits to handle 
considerable amounts of data and to detect relationships and patterns within them. ANNs are 
considered universal approximators (Bishop, 2006), (Haykin, 1999), (Basheer and Hajmeer, 
2000) and can be used to represent highly non linear problems (Basheer and Hajmeer, 2000), 
finding applications in many fields of civil engineering (Adeli, 2001). In this study, it is investi- 
gated how ANNs can be employed for the prediction of the safety level of the lining, starting 
from a few measurements taken in the structure. The idea is to generate a metamodel, which 
during its application receives as input strain measurements obtained at discrete locations in 
the lining, while provides as output a prediction of the target quantities such as internal forces 
or stresses selected for the utilization level assessment. 
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The development of a concept for the real-time estimation of the utilization level of segmental 
tunnel linings, based on the use of ANNs, is presented. The metamodels are trained on synthetic 
data generated by finite element models of the tunnel lining, which are computed for different scen- 
arios, in order to create the supporting points to accomplish a good training of the networks. The 
metamodels are eventually tested on a benchmark example to verify their prediction accuracy. 


AV RAZA aN 


(a) 


Figure 1. a) First benchmark scenario with a representation of the in-situ stress, b) second reference 
scenario characterized by a localized load is shown. 


2 METHODOLOGICAL APPROACH 


Considering the availability of strain measurements at certain locations in the lining, obtained 
from standard monitoring equipped sections of the tunnel, the aim is to obtain a real-time 
assessment of the utilization level of the segmental ring based on target quantities, here the 
maximum bending moment and axial force, from which the residual safety of the structure 
might be computed. The stress resultants are defined as indicators of the stress state in the 
lining and the concept is developed for deep tunnels in rock. 

The methodological approach is based on the combination of finite element simulations, 
machine learning algorithms and measurements. In the method, there can be distinguished 
two phases, an offline and an online step. In the former, the numerical analyses and the sub- 
steps required for the generation of the metamodel necessary for the prediction of the utiliza- 
tion level of the lining is carried out, while in the latter, the verification and the final 
application of the concept take place. 

Initially, synthetic data are generated by means of a finite element (FE) model of the lining, 
which is used to analyze multiple loading conditions acting on it and the corresponding stress 
resultants (bending moments and axial forces) recorded. The analysis results are reorganized 
into input and output of a neural network, beforehand the training process takes place. The 
aim is to obtain an adequate metamodel to be used for the lining utilization estimation, from 
which an evaluation of the residual safety level can be obtained. Finally, the verification is 
performed by feeding the metamodel with measurements obtained from a benchmark scenario 
and by comparing the real-time predictions of the network with the reference values. 

The creation of an automated procedure for the assessment of the lining utilization level has great 
advantages, especially in terms of safety for the workers, since no specialized personnel would be 
required to go inside the tunnel to inspect it. Furthermore, the development of an approach, which 
employs the measurement types of standard monitoring section configurations used in tunneling, 
enlarges its range and easiness of applicability and makes the method economically competitive. 


2.1 The benchmark problems 


For the definition of a strategy for the assessment of the utilization level of segmental lining 
two reference scenarios are generated in order to test the capabilities and the limits of the 
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approach (see Figure 1). The mechanized excavation of a deep tunnel with segmental lining is 
simulated with a finite element model using plane strain analyses. In the first scenario 
(Figure la), the tunnel is assumed to be bored in a rock mass at a depth H = 600m, from 
which the in-situ stress o,=16.2MPa can be computed assuming a specific weight 
y = 277KN/m? for the rock mass and ko = 0.7. In the second scenario (Figure 1b), an iso- 
tropic stress field with a localized load acting on one part of the lining is assumed, to simulate 
the unforeseen detachment of a rock wedge or a localized fault. 


Table 1. Material properties of the rock mass, the lining and the grouting. 


Young’s modulus Poisson’s ratio specific weight friction angle cohesion 
E v y y! ¢ 
GPa — KN/m* MPa 
Rock 2.6 0.3 27 22 (1% scenario) 2.8 (1% scenario) 
25 (2" scenario) 3.2 (2”“ scenario) 
Segments 40.0 0.2 25 — — 
Grouting 1.0 0.3 20 — — 


The excavation process is simulated by using the convergence confinement method (Panet, 
1995), (Carranza-Torres and Fairhurst, 2000), (Vlachopoulos and Diederichs, 2009), (Vlacho- 
poulos and Diederichs, 2014), but instead of using fictitious pressures applied along the excava- 
tion boundary to account for the face support to the excavation, the core replacement method is 
used. This technique is based on a subsequent reduction of the rock stiffness within the excava- 
tion boundary to simulate the advance of the tunnel face in 2D analyses. The main stages in the 
simulated construction sequence are the change of the stress state in the rock mass due to exca- 
vation, lining erection with grouting installation and the final stress state reached when the 
tunnel face is far away (see Figure 2a). For the case where a localized load is simulated another 
stage is added. As material model for the rock mass, Mohr Coulomb has been used, while 
a linear elastic behaviour was assigned to the concrete lining segments. All the properties used 
are summarized in Table 1, while the plasticity indicator evolution is depicted in Figure 2b. 

Eventually, the strain values recorded at positions inside the lining, where it is supposed to 
have strain gauges, are recorded over the excavation process. The strain values obtained in the 
last excavation stage, i.e. for long term conditions, are the ones used to verify the prediction 
accuracy of the developed approach (see Figure 3). 


2.2 Generation of the synthetic data: The finite element model 


A fundamental prerequisite for the training of a metamodel is the presence of a data set, that can be 
made up either of monitored data from existing tunnels, or synthetic data produced by numerical or 
analytical approaches. A 2D plane strain FE model of the segmental lining of a deep tunnel, embed- 
ded in an elastic continuum, is created (see Figure 4). The domain sides are fixed while a prestress is 
applied in the hosting material. The joints between the lining segments are accurately modeled by 
means of contact elements, to allow for relative rotations and dislocations between adjacent seg- 
ments. In this model, a linear elastic behavior is assigned to all its components. For this reason, the 
model is very similar to a bedded beam model and shares the feature of being fast to be computed. 
Several load cases are defined and applied to the model to analyze the response of the structure 
for different combinations of the input parameters. Range of variations, based on engineering 
judgment or project reports, for kọ, the in-situ stress, the elastic modulus of the bedding con- 
tinuum and the deconfinement ratio J (quantifying factor for the stiffness reduction of the rock 
within the excavation boundary) are determined for the analysis of the first scenario. For the iden- 
tification of the scenario with a localized load, a range of variation of the local pressure is defined, 
in place of kọ which is kept constant. Latin Hypercube sampling is used to gain input combin- 
ations of parameters, which are fed into the FE model used to analyze the lining response. 

The results are collected and for each simulation the strains recorded at specific locations in 
the lining, where sensors are supposed to be applied, along with the maximum stress 
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Figure 2. a) Modeling of the sequential tunnel excavation by means of the core replacement method. 
The main stages which are represented are: reduction of the stiffness in the excavation boundary, lining 
installation, tunnel face far ahead the considered cross section. As for the second reference scenario, an 
extra stage featured by a localized load is added. The factor 2, which reduces the stiffness of the material 
within the excavation boundary, diminishes over the excavation steps in order to simulate the decrease of 
the tunnel face support due to its advancement. b) Plasticized regions around the tunnel for the first load- 


ing scenario. The plasticity indicator PEMAG = 4/42, : 7, wherein @, is the plastic strain tensor and: 
denotes the double contraction product, is used to quantify the damaged zone around the tunnel. 
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Figure 3. The hoop strains recorded in the lining at the positions where strain gauges are imagined to be 
placed are drawn. They refer to the last step of the excavation sequence of the first benchmark scenario. 


resultants, i.e. maximum bending moment and axial force which are recorded in the lining, are 
stored. These data are eventually arranged into input quantities for the metamodel (strains), 
which represent the data that will be measured during the application of the method, and 
target quantities (maximum bending moment and corresponding axial force), which are the 
values that need to be predicted. 
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Figure 4. The FE model used for the generation of the synthetic data is depicted. The stress state is 
illustrated in detail in its vertical and horizontal component in a sampled portion of the domain. The 
segments of the lining are accurately modeled, along with the connecting joints and the grouting layer. 


2.3 Training of the ANN 


For the real-time prediction of the maximum stress resultants, feedforward neural networks 
(FFNNs) with multiple layers of perceptrons, which are trained on the synthetic data gener- 
ated with the FE model explained in Section 2.2, are being deployed. For the first scenario, 
the input of the networks are the strains obtained at 16 locations in the lining segments (in the 
left half of the model in Figure 4), based on the assumption that the strain gauges are places 
at these locations in a potential monitoring section. Only the sensors in one half of the struc- 
ture are taken into account, due to its symmetrical behaviour. However, for the scenario 
where a localized pressure is applied all the 32 strains are considered. 

The normalized input signals are passed from the input to the hidden layers: the input sig- 
nals of each neuron are scalarly multiplied by the synaptic weights, summed up together and 
a bias value is added. Finally, the resulting signal is multiplied by an activation function (here 
the hyperbolic tangent function) and passed to the next hidden layer. The generation of the 
metamodel occurs by tuning of its hyperparameters during training based on the minimization 
of the error between the network predictions and the training data. 


3 APPLICATION AND RESULTS 


For the application of a chosen metamodel to the test scenarios, it is necessary to guarantee that the 
network does not extrapolate when deployed in normal operational conditions. This is achieved by 
checking that the input space used during training encompasses, within a certain range, the input 
space where the network is going to be applied. Since the strain values in the lining are correlated 
with each other, it is important to verify that also the synthetic strains used for the network training 
present a similar correlation degree. However, since a perfect match between numerical model and 
reality for complex structures is difficult to accomplish (see (French, 1995)), a new method formu- 
lated on the addition of artificial noise in a controlled fashion to the input strains used for training is 
employed (Gottardi et al., 2022). This is based on the idea that by adding noise to the training data 
in the form of a small perturbation we assume that the physical model has a certain imprecision and 
deviation with respect to the reality. By doing so, the accuracy of a metamodel trained on such 
modified data decreases, yet it can help to overcome extrapolation if the network input values in the 
testing phase are nearby the synthetic data used during training. 
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Figure 5. The predictions capabilities of the networks are here shown for the load scenario with 
ky = 0.7. In Figure a), the average and the standard deviations of the predicted maximum bending 
moments for several noise levels are drawn against the reference value. Underneath, in Figure b), the 
same statistics for the axial force are illustrated. In the abscissas, the noise added is expressed both in [ue] 
and in percentage with respect to the average measured strains in the benchmark Z. 


The performances of the networks are analyzed for multiple noise levels against the maximum 
stress resultants obtained in the benchmark scenarios. In order to verify the robustness of the 
method, a batch of 10 FFNNs is created for each of the noise levels defined. The mean value and 
the standard deviation of the predicted maximum bending moment M,nax and corresponding axial 
force N(Mjnax) are computed for each batch. Selected results are summarized in Figure 5 for the 
load scenario with kọ = 0.7 and in Figure 6 for the scenario where a localized pressure is applied. 

By observing the statistics of the network predictions, a quite poor accuracy of the networks 
is recorded when no noise is applied. This stems from the different models used for the gener- 
ation of the synthetic data and for the reference scenario, i.e. the use of an elastic continuum 
to model the surrounding ground mass in the former, in contrast to a plastic material in the 
latter. However, the addition of a minimal noise to the input data permits both to substan- 
tially increase the prediction capabilities of the networks, since the predicted stress resultants 
approach the ones in the benchmark scenarios, and to reduce the variation of the network 
predictions. When the amount of noise applied raises beyond a certain threshold, a worsening 
of the metamodel predictions occurs along with an increase of their scattering. In addition to 
this, even though the maximum bending moment reveals to be sensitive to the noise level con- 
sidered, it is not the same for the related axial force which shows a steady tendency, although 
a reduction in its standard deviation is visible. 
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Figure 6. The predictions capabilities of the networks are here shown for the load scenario where 
a local load on the lining is simulated. In Figure a), the statistics of the predicted bending moments are 
drawn over the noise levels while in Figure b) the same statistics for the axial force are illustrated. 


3.1 An estimation of the safety level 


The prediction of the maximum stress resultants recorded in the lining permits to obtain 
a quantitative estimate of the utilization of the structure, from which a definition of the safety 
level of the lining can be introduced. By defining threshold values for the stress resultants that 
can be reached in the lining, the safety of the lining might be defined in the form of a domain 
encompassing admissible stress states: 


M, predicted <M threshold 
N(M predicted) < Nihreshold 


Where the predicted values are the results obtained from the metamodel, while the thresh- 


old values (Mnreshoia ANd Ninreshoid) are limits for the bending moment and the axial force that 
can be defined based on the cross section resistance or other project requirements. 


4 CONCLUSIONS 
A method for the prediction of the utilization level, and in turn the safety level in segmental 


linings, was described. The concept is based on the use of strains at certain locations in the 
lining to assess the overall maximum stress state in the structure by means of machine learning 
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tools. The great advantage of these tools is the possibility of enabling real-time predictions of 
the target quantities, after a training process was carried out on synthetic data generated with 
a FE model. The results obtained, in terms of predicted maximum bending moments and axial 
forces, showed satisfactory performances of the networks when applied to the benchmark. 
Whilst the accuracy of the networks trained on the original synthetic data was quite poor 
when applied to the benchmark scenarios, the accuracy in the bending moment prediction 
improved significantly with the addition of slight perturbations to the training data, obtaining 
the best performance for noise levels between 3 to 6% in the two reference scenarios con- 
sidered. The axial force appeared to be insensitive to the application of noise and for the high- 
est noise levels a worsening in the prediction accuracy was observed. The introduction of 
artificial noise to the training data could boost the predictive capabilities of the metamodels, 
along with their range of applicability, offering a workaround for extrapolation. The predicted 
stress resultants could be eventually employed for the assessment of a safety measurement of 
the lining, defined in terms of a domain containing admissible stress states based on prescribed 
threshold values. 
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ABSTRACT: During a tunneling project, multiple data sources generate large amounts of 
data that must be analyzed for an efficient and safe tunneling operation. This is especially true 
during the construction phase, where a massive amount of data is generated by the tunnel 
boring machine (TBM) at a resolution as small as 5 seconds. Efficient tunnel construction 
requires integrating TBM data with the ground data and instrumentation and monitoring. 
Thus, a holistic, integrated platform is required, which can handle all types of data represent- 
ing the single source of truth and provide an opportunity to analyze TBM-ground interaction. 
The model stored and managed by this platform represents the digital twin of the tunnel. In 
this paper, an integrated approach is presented employing the web-based process controlling 
software PROCON - that handles TBM data, shift records, cutter tool consumption records, 
ring damage information and other relevant construction data, thus connected to multiple 
applications for evaluating options during tunnel construction. The data is fed into and 
extracted from PROCON using the underlying API. The approach allows to feed and extract 
data from PROCON using API, thus integrating live TBM data into a 3D (or nD) BIM 
model environment leading to Digital Twin development. The as-built tunnel with TBM and 
ground data is imported into a Virtual Reality (VR) software using PROCON as an inter- 
mediate storage platform. The comprehensive dataset provides an opportunity to apply 
machine learning based predictive modeling to calibrate the designs and support upcoming 
tunneling. 


1 INTRODUCTION 


Mechanized tunneling is governed by the interaction of many processes. The interactions that 
involve the ground bear a high degree of uncertainty, since even with extensive ground investi- 
gation, the exact ground conditions ahead of the tunnel boring machine (TBM) are not fully 
known (Meschke 2018). As per the British Tunneling Society (2005), 55% of the mechanized 
tunneling collapses occurred due to inadequate knowledge of the ground conditions. Conse- 
quently, the individual processes involved in the excavation need to be closely monitored to 
minimize the risk of unplanned TBM stops or incidents. In addition to the ground and TBM 
data generated during construction, sophisticated analysis of instrumentation and monitoring 
data is critical to track design and construction performance. This is achieved by process con- 
trolling, a method that digitally acquires and analyzes the data generated during all phases of 
the tunneling project by means of a cloud-based software (Maid et al. 2014). The gathered 
data includes geological data, TBM data, building construction data, monitoring data and 
other relevant data. Prior to building smart predictive models capable of providing informed 
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guidance on tunnel construction, a “single source of truth” containing all data formats bun- 
dled into a unified reference system of time and location, also known as data warehouse, is 
desired. 

This paper presents the initial steps for the development of a digital twin — a single source of 
truth — for efficient management of high-resolution, and sometimes noisy, tunneling data. 
Digital twin originates from building information modeling (BIM) (Kensek 2014) and denotes 
a digital representation of a construction project including as much detail as required for its 
purpose (Sacks et al. 2020). A common definition for digital twin is still missing as it is focused 
on various areas in different disciplines (Opoku et al. 2021). Typical implementation of digital 
twins in the industry focus on the operational phase of a tunnel, managing technical installa- 
tions, traffic flow, or maintenance tasks. Yu et al (2021) presented a digital twin-based frame- 
work for operating and maintaining tunnels. Wu et al. (2022) introduced an approach 
capturing the current activity and status of a tunnel during the operation phase by integrating 
live video feed and sensor data. The generation of a digital twin for aspects of the construction 
phase is targeted by Ye et al (2023). However, in this approach it was focused on an early 
warning system and personnel evacuation and missing a holistic view. The approach presented 
in this contribution aims at providing a holistic representation throughout the project life 
cycle and is focused on the construction phase, adding lots of data sources and information 
types to the traditional BIM ecosystem. 

The type of data handled in the construction phase is diversified in terms of formats and 
sources. It ranges from pure time-based data like sensor data to 3-dimensional (3D) models 
like the tunnel alignment or shafts. Even though 3D models are the visible backbone of typical 
BIM representations, their actual value is in the semantic information attached to the geomet- 
rical representation. By enabling the assignment of each data point to the corresponding geo- 
metric entity of the 3D model in a time- and location-based manner, intelligent database 
queries and big data analysis methods (Toll et al. 2014) can be applied to generate a very 
accurate picture of both target and actual state of the project at any time. 

Broken down in its temporal evolution, one now obtains a transparent, holistic digital 
model of the tunneling process and the tunnel that is suitable for a large variety of project- 
related tasks and integral part of the digital twin. In this paper, a web-based application for 
a digital twin of tunnel projects is presented, starting with a description of the functional 
requirements and the general concept. In the next step some individual components of the 
digital twin are introduced in detail. A case study validates the presented approach before con- 
cluding the results. 


2 DIGITAL TWIN MANAGEMENT FOR TUNNELING PROJECTS 


For the digital management of a tunneling project during the construction phase, a digital 
twin application (DTA) is presented. The DTA is a sophisticated web application based on 
the process controlling software PROCON (Maidl et al. 2014). The application integrates and 
handles all data sources available in the project course. The data is managed in a centralized, 
cloud-based data warehouse, so that the DTA represents the single source of truth. The effi- 
cient data processing functionalities enable the DTA to handle and analyze large amounts of 
data very quickly. A web-based application provides an advantage of uploading and accessing 
new data from worldwide projects. Depending on the type of data and the intent for the data 
handling, the access can be very different which has to be covered by the digital twin. Add- 
itionally, external software solutions can use the integrated API of the DTA to automatically 
extract data and also upload new data, e.g. calculation results based on previous downloaded 
data. 

Figure 1(a) shows the overall approach of the DTA application including the handled data 
sources and the integrated services. All these services are connected to the DTA, which repre- 
sents its major data source. For example, an artificial intelligence (AI) service exists, which 
automatically analyzes images taken inside the tunnel and identifies damaged segments. These 
damages are automatically uploaded to the DTA. On the other hand, the BIM service uses the 
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DTA as major data source by reading TBM data and integrating this data into the BIM 
model. Next, the BIM model is used as basis model for the generation of a virtual reality (VR) 
model so that the included sensor data in the BIM model also exists in the VR model. Thus, 
by interconnecting the individual data sources and services, a comprehensive tunnel model is 
created. 

Figure 1(b) shows the data management concept of the DTA application. The variability in 
data types and amounts needed to be handled requires a very flexible structure. For example, 
design data is usually provided in form of drawings which are either stored in the integrated 
BIM model or as documents in the document management system. For this kind of data only 
a database is feasible. Thus, the DTA contains different data management tools which are 
linked to store the data the most efficient way possible. 

For the data access, the web-based DTA has a service layer which can either be accessed 
using a browser or using the integrated REST (Representational State Transfer) API. Users 
who want to analyze the current data of the TBM usually use the browser interface of the 
DTA which shows data in different representations like charts or tables. Users using a mobile 
device can also use its integrated browser or using the native App which uses the REST API. 


|[ TBM Data || Geomonitoring Data |||| SQL. Data 
|| Tool Change Data || Shift Data | ||| Documents 
i Segment Data [Structural Data | Data Formats: 
|| Ground Data [iot Dat Data | i BIM Model | 


| Data Sources | Data Models 


Data Management 


] 
| BIM Web Viewer 


Web API 


Data visualization 


Manual Data Upload |... 


__ Browser Interface ~ s4 | 
tf: Ty A he 


Serviced lZ 


User Access Mobile Access BIM Software 


Figure 1. Digital twin application for tunneling projects (a) and the data handling concept of the DTA (b). 


Handling 3D models in a web-based environment is still a challenging task, especially big 
line-based models like tunnels. Viewers exists for the inspection of 3D BIM models. However, 
the edition of 3D BIM models in a web environment and in a performant way is currently out 
of reach. Thus, the DTA uses a local desktop application to handle the BIM model which is 
linked to the central, web-based DTA. It uses the API of the application to download and 
upload the BIM model as well as individual data managed by the DTA. 


3 ASPECTS OF DIGITAL TWIN MODELLING 


The digital twin handles all generated data during a tunneling process and provides efficient data 
analysis tools in addition to comprehensive visualization tools. Previous approaches concentrated 
on the operation phase of the finished tunnel but the management of data is even more important 
during the construction phase to maximize the safety of the project and guarantee its (economical) 
efficiency. Very different services and tools are required for different phases. This paper focuses on 
the data and processes during the construction phase of the tunnel. 
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During the construction phase the digital twin must handle the following types of data: 


e TBM sensor data; 

° Sensor data from additional data sources like the geomonitoring, separation plant, ventila- 
tion, vehicles, etc.; 

e Process data like shift data, TBM intervention data, etc.; 

¢ Tunnel construction (segment) data like segment tracking, segment damages, etc. 

¢ Digital ground model in 2D and 3D including geotechnical parameters; 

e Design data (drawings, calculations, documents, reports); 

e Construction documentation (conservation of evidence); 


3.1 TBM data management 


Large amounts of data are generated during the tunnel advance from hundreds of installed 
sensors on the TBM, installed monitoring instruments, muck disposal, and other relevant 
data sources such as slurry treatment plant (wherever applicable). Real-time assessment of 
tunnel risks and an informed guidance on risk mitigation strategies during construction are 
critical for the project success. An efficient data management system capable of storing, pro- 
cessing, and extracting large quantities of data in multiple formats is desired. Storing such 
quantities of data in a BIM model is not feasible due to the possibility of overloading the 
model and the failure of the model in extracting the required data in an acceptable period. 

The platform provides an opportunity to analyze different data sources using sophisticated 
data visualization tools and techniques — that include charts, data tables, statistical summary, 
and geographic information-based maps on a single dashboard. The approach provides an 
opportunity to identify cause and effects between different data sources using time-based or 
ring-based analyses of TBM progress. For example, investigating the cause of ground deform- 
ation by looking at the 3D ground model, geotechnical parameters within the section, grout- 
ing pressures, face support pressures, TBM thrust, TBM torque, TBM penetration rate, and 
settlement readings — all in one place. 

The construction sites are becoming more and more digital. In this context, sensors are 
installed on all kinds of devices and vehicles on the construction site like the supply train, the 
separation plant, cranes, or transportation vehicles. The data of these IoT (Internet of Things) 
sensors is also managed and analyzed using the same tools as for the TBM sensor data. 


3.2 Segment management 


Lining segments are usually tracked throughout their entire lifecycle. Thus, information 
such as creation date, enforcement information or actual position in the tunnel are 
documented as well as all installation information like the ring orientation, tail skin 
clearances, etc. This information is important for the future operation of the tunnel, 
e.g., for maintenance purposes but also to provide a comprehensive documentation of 
the constructed tunnel to the client. The information is stored in the DTA and can be 
accessed at any time. 

Furthermore, it is important to document segment damages, which occurred at any point of 
their lifecycle. This can be performed manually, by using mobile devices, or automatically, 
using artificial intelligence (AI) services. In the manual approach, the user identifies the dam- 
ages visually and documents them by taking pictures with a mobile device and uploads them 
together with the corresponding semantic information and damage description to the DTA. 
For this process custom service functionalities are provided, e.g. by a mobile application. 
A more automated approach is the application of a camera device which advances through 
the constructed tunnel. While driving through the tunnel it takes a video of the tunnel captur- 
ing its individual segments. The individual pictures of the video are analyzed by a trained AI 
service which identifies damages on the images. This AI service can then use the same API as 
the mobile application to upload identified damages. 
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3.3 3D ground model 


The largest element of technical and financial risk on any tunnel project lies in the ground 
conditions. Given the large number of claims and litigations on tunnel projects worldwide, the 
conventional practice of developing 2D deterministic profiles is ineffective in assessing ground 
uncertainty. For a comprehensive visualization of the ground conditions in 3D, ground 
models are developed using implicit modelling techniques. This involves generation of 3D 
models using computer algorithms that combined the available geotechnical data and the user 
interpretations, thus creating mathematically derived models in 3D space. The modelling tech- 
niques rely on geologist’s/geotechnical engineer’s insight to help identify trends and sequences 
in geological formations. Implicit modelling serves the advantages of being faster, flexible in 
modelling complex geology, and quantifying uncertainty. 

A 3D structural grid consisting of cells, also known as voxels, is first generated. Hard borehole 
data from geotechnical site investigations is utilized to generate multiple possibilities of ground 
conditions using geostatistical modeling. The generated model is constrained to the geological 
conditions by accounting for the borehole data and contacts between geological units. The gen- 
erated voxels are converted to surfaces and are imported into the digital twin. The volumetric 
rendering of the ground conditions allows to cut 2D sections in the longitudinal and transverse 
directions of the tunnel alignment. For a detailed narrative of accounting for spatial ground 
variability in 3D and including ground condition probabilistic assessments into the geotechnical 
baseline reports (GBR), see Gangrade (2021) and Grasmick and Mooney (2021). 


3.4 Building information modelling 


BIM represents a concept for the management of building information during the lifecycle of 
structures like tunnels. Most new construction projects include the generation of a BIM 
model. Thus, the DTA needs to be able to handle a BIM model of a tunnel project. The BIM 
model is handled by the data management service of the DTA which includes a versioning 
functionality and can be downloaded or uploaded using the API. Thus, the model is always 
up to date and represents a single source of truth. The model is read by the desktop software 
Desite BIM (Thinkproject 2022) which integrates a browser with access to the loaded BIM 
model. Using this integrated browser, data from PROCON can be exchanged via the API and 
integrated into the BIM model. For more information see (Hegemann et al. 2020). 

The BIM model usually consists of different domain models like the ground model, the 
tunnel model and the structural model. The ground model captures the surrounding ground. 
In the design stage, it can be used to determine the target excavation volumes and masses for 
target-actual comparisons by subtracting the tunnel volume from the ground and cutting it 
into pieces per ring. The individual excavation volumes per ring are uploaded to the central 
data management of the DTA where it can be used by other services. 

The tunnel model captures the tunnel structure. It consists of the design tunnel and the as- 
built tunnel (Hegemann et al. 2020). The design tunnel is generated in advance of the project 
for planning purposes. The as-built tunnel captures the actual built construction which differs 
to a certain degree to the design tunnel as the tunnel follows the TBM during the construction. 
The as-built tunnel is generated by accessing navigation, ring build and segment tracking data 
from the central DTA using its API. Then it rotates and locates a predefined ring at the exact 
position. Additionally, segment information (e.g., the creation date) is added to each corres- 
ponding segment for a sophisticated documentation of the structure. This way, the exact 
tunnel building is documented for later stages. 

Important information collected during the tunnel construction has to be linked to the BIM 
model for managing, analyzing and evaluating current processes or documenting them for 
later stages. By using the API of the DTA, selected sensor data is assigned to the as-built 
model (e.g. max thrust force on a segment) as well as segment damages stored in the DTA 
central data management. This allows the evaluation of certain aspects in a 3D environment 
which helps finding correlations (see Figure 2). One example would be that segment damages 
always occur near a specific position of the tunnel due to certain thrust jacks. 
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The structural model captures structures on the surface or in the ground like stations or 
shafts. Those are mostly integrated for information purposes or for the integration into the 
VR model. 


3.5 Virtual and augmented reality 


The project engineering and management revolution over the past 5 years and the need for 
higher precision, construction safety, quality, and delivering projects with high efficiency has 
led to the birth of VR and AR. We note that the terminologies VR and AR are used collect- 
ively to denote an artificially generated project environment reflecting an integration of as- 
built tunnel information, tunnel project progress, ground condition and critical structure (util- 
ities, historic structures) information, tunnel construction metadata, and other relevant infor- 
mation. The required sematic and geometric data is provided by the BIM model. The 
combination of virtual and real objects offers an exciting opportunity to build coordination 
among teams and offers sustainable solutions for progress monitoring, site safety, discrepancy 
checks, and quality control. At the end of construction stage, the AR models could serve as 


Figure 2. Evaluation of ring damages (left) and sensor data (right) in a 3D environment. 


a single source of truth for project maintenance and digital archive. A future near-term object- 
ive is to combine subsurface information with aboveground environment to support tunnel 
design, build, operate, and maintain lifecycle. 


4 CASE STUDY 


To validate the presented approach, a case study has been performed for which 
a digital twin has been generated for a test project. In this project one tunnel lining 
exists with 1277 rings, each 1.6 m long consisting of 6 individual segments. To generate 
the digital twin, at first the PROCON web application has been deployed. Sensor data 
captured by the TBM is upload every 10 seconds into PROCON. In addition, informa- 
tion to shift processes and segment damages is periodically added to the system. Navi- 
gation and ring building information is uploaded to the PROCON system along with 
the sensor data values. 

A BIM model has been generated for the test project including individual domain 
models for the ground, tunnel and external structures. The ground model was devel- 
oped based on a probabilistic investigation of the ground. As the probabilities are 
determined for certain points in the ground, a voxel model was created. By connecting 
the voxels belonging to the same layer, a volumetric body of the individual layers 
could be generated. The most probable result was used for the integration into the 
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BIM model. In addition to the surrounding ground, also an excavation model was cre- 
ated documenting the expected excavation for each ring. 

The design tunnel model was generated based on the tunnel alignment and a standard ring 
representation. However, the design model was not used any further because the as-built 
model of the tunnel had been prioritized. Based on the ring building information stored in the 
DTA, the as-built tunnel was generated. While generating the as-built tunnel, errors in the 
ring building information were discovered as the tunnel showed some faults. These errors 
could be corrected by updating the wrong ring building information and generating the as- 
built tunnel again. As the tunnel construction is still in progress, the as-built tunnel is continu- 
ously extended. 

In addition to the ground and tunnel model, the start shaft of the tunnel has been added to 
the BIM model as structural model. Furthermore, a scan of the terrain was added. The indi- 
vidual domain models are shown in Figure 3. 

Certain evaluation options were added for the BIM model. For example, thrust force, 
grouting pressure and grouting volume data has been downloaded via the DTA API and 
assigned to the corresponding segments of the as-built tunnel model. Additionally, recorded 
segment damages were integrated into the BIM model. Those damages were added to the 
DTA by the AI service which identifies ring damages automatically and uploads them to the 
DTA via its API. 


(a) (b) 
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Figure 3. Generated tunnel construction BIM model including (a) the ground and shafts, (b) the exca- 
vated ground per ring, (c) the as-built tunnel including its faults (d) due to false ring building data. 


Based on the integrated data and using threshold values, the as-built tunnel can be high- 
lighted in different colors to show critical segments. Their purpose is to show the evaluation 
capabilities of the DTA. Figure 4 presents exemplary evaluation for the thrust force and the 
segment damages. 

The data assigned to the individual segments is linked to the PROCON web applica- 
tion so that, by a simple click, deep data investigations can be performed using charts, 
tables and dashboards. Regarding segment damages, the damage is linked to its corres- 
ponding segment. However, the details of the damage are downloaded on-the-fly when 
a specific damage is selected. Additionally, a link to the location of the data in the web 
application is provided. 
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Figure 4. Evaluation of thrust force data (left) and segment damages (right) in the BIM model. 


5 CONCLUSION & FUTURE WORK 


In this paper, an integrated digital twin application has been presented for managing multiple 
types of tunneling data in a comprehensive way by creating a digital twin of the tunneling project. 
As data is stored in a central data storage, a single source of truth is generated which can be 
accessed by all kinds of services in a tunneling project with capabilities to display real-time and 
archival information. The digital twin application enables quick and easy evaluations in form of 
charts and dashboards, but also sophisticated evaluation in a 3D environment applying an inte- 
grated BIM model. The BIM model is major cornerstone of the digital twin application as it pro- 
vides many features in one tool like a holistic documentation of the tunneling process, a 3D 
evaluation environment and services for the generation of boundary data. Its link to the central 
data storage via the Internet provides a bi-directional connection, which enables a consistent data 
exchange to integrate otherwise detached TBM data in an interactive environment. 

In the future, the functionalities of the digital twin should be extended for further tunneling 
phases. In the design phase the digital twin can be applied for face support pressure and 
ground deformation estimates. For the operation stage of the tunnel, further functionalities 
are required focusing on the maintenance of the tunnel. The digital twin already contains all 
structural information gathered during the construction phase. 


REFERENCES 


British Tunneling Society 2005. Closed-Face Tunnelling Machines and Ground Stability. Thomas Telford 
Publishing. 

Gangrade, R. 2021. Quantifying Spatial Geotechnical Uncertainty to Advance the Practice of Risk 
Assessment and Decision-Making in Tunnel Projects. Colorado School of Mines. 

Grasmick, J. & Mooney, M. 2021. A Probabilistic Geostatistics Based Approach to Tunnel Boring 
Machine Cutter Tool Wear and Cutterhead Clogging Prediction. Journal of Geotechnical and Geoenvir- 
onmental Engineering 147 (12). Reston, VA: American Society of Civil Engineers (ASCE). 

Hegemann, F., Stascheit, J. & Maidl, U. 2020. As-built documentation of segmental lining rings in the 
BIM representation of tunnels. Tunnelling and Underground Space Technology 106. 

Kensek, K. 2014. Building Information Modeling (1st ed.). Routledge. 

Maidl, U., Stascheit, J. 2014. Real time process controlling for EPB shields/Echtzeit-Prozesscontrolling 
bei Erddruckschilden. Geomechanik und Tunnelbau 7(1): 64-71. Berlin: Ernst & Sohn. 

Meschke, G. 2018. From advance exploration to real time steering of TBMs: A review on pertinent 
research in the Collaborative Research Center. Interaction Modeling in Mechanized Tunneling, Under- 
ground Space 3(1): 1-20. 

Opoku, D.-G. J., Perera, S., Osei-Kyei, R., Rashidi, M. 2021. Digital twin application in the construction 
industry: A literature review. Journal of Building Engineering 40 

Sacks, R., Brilakis, I., Pikas, E., Xie, H. & Girolami, M. 2020. Construction with digital twin information 
systems. Data-Centric Engineering, 1(E14). 

Thinkproject Holding GmbH 2022. DESITE BIM for seamless management | Thinkproject, 2022. https:// 
thinkproject.com/products/desite-bim/. 


2708 


Toll, D.G., Zhu, H., Osman, A., Coombs, W., Li, X. & Rouainia, M. (eds.) 2014. 2nd International Con- 
ference on Information Technology in Geo-Engineering. 
Ye, Z., Ye, Y., Zhang, C., Zhang, Z., Li, W., Wang, X., Wang, L., Wang, L. 2023. A digital twin 
approach for tunnel construction safety early warning and management. Computers in Industry 144. 
Yu, G., Wang, Y., Mao, Z., Hi, M., Sugumaran, V., Ken Wang, Y. 2021. A digital twin-based decision 
analysis framework for operation and maintenance of tunnels. Tunnelling and Underground Space 
Technology 116. 

Wu, Z., Chang, Y., Li, Q., and Cai, R. 2022. A Novel Method for Tunnel Digital Twin Construction and 
Virtual-Real Fusion Application. Electronics 11. 


2709 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Comparison between machine learning algorithms for TBM 
advance rate prediction 


Shengfeng Huang, Pooya Dastpak, Misagh Esmaeilpour, Kaijian Liu & Rita L. Sousa 
Department of Civil Environmental, and Ocean Engineering, Stevens Institute of Technology, 
Hoboken, USA 


ABSTRACT: Prediction of tunneling performance is intimately connected to the prediction 
of Advance Rate (AR), which is crucial to optimize tunnelling operation and steering tunnel- 
ling processes. However, the forecasting AR is accuracy remains a challenge due to its depend- 
ency on several factors. Several methods have been introduced to predict the performance of 
tunnel driving, which are often of two types: closed-form equations or regression analysis. In 
the study, we developed regression models to predict AR from tunnel boring machine (TBM) 
based on machine learning (ML) algorithms. Five different popular ML algorithms, including 
k-nearest neighbor (KNN), support vector regression (SVR) model, artificial neural networks 
(ANN), random forest regression (RF), and classification and regression tree (DT), were 
applied to develop TBM AR prediction models using data monitored during construction. 
More than 600 dataset examples were collected from a TBM project between the Salgueiros 
and Sao Bento stations of the Porto light metro project in Portugal. 7 useful features were 
selected based on empiricism. 80% of the dataset were assigned for training and 20% for test- 
ing the models. The performance of developed models was evaluated and compared in terms 
of coefficient of determination (R°) and root mean square error (RMSE). The results show 
that SVR is the best AR predictor among the five algorithms tested. 


1 INTRODUCTION 


The increase in traffic volume in metropolitan areas and the need for high performance rail 
systems requires the use of underground space for transport facilities. This need has resulted 
in massive construction of tunnels and continuous development in tunnelling technology in 
the past years. In this context, tunnelling boring machine (TBM) is widely used because of its 
safety and suitability for a broad range of geological conditions. In this context, tunnelling 
boring machine (TBM) is widely used because of its safety and suitability for a broad range of 
geological conditions. Given the risks of tunnelling in metropolitan areas, making an accurate 
prediction of TBM performance is of great importance to ensure safe and economical con- 
struction and prevent damage to adjacent existing infrastructures. 

TBM prediction relies heavily in forecasting advance rate (AR) or penetration rate (PR), i.e., 
the speed of tunnel excavation. AR is not directly controlled by operator, but a result of complex 
interaction between ground and TBM (O’Dwyer et al., 2020; Shreyas and Dey, 2019; Phillips 
et al., 2019). Operators must set optimal values to maintain AR. Furthermore, complex oper- 
ations such as guiding the TBM along the design tunnel alignment, maintaining the appropriate 
foam lance pressure, scraping, and imbibing the in-situ ground, selecting effective controllable 
parameters, and processing the muck through a depressurizing screw conveyor, are performed 
intuitively (Mokhtari et al., 2020; Mokhtari and Mooney, 2020). Therefore, an accurate model 
for enhancing understanding of AR and monitored data from TBM is urgently needed. 
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Over the past decades, many methods have been proposed to predict AR in different pro- 
jects. In earliest studies, traditional statistical and linear methods are widely adopted to pre- 
dict AR (Rostami, 1997; Bruland, 2000; Tarkoy, 2009; Yagiz, 2009). However, experimental, 
and empirical method fail to account for all factors simultaneously and are hard to account 
for highly complex and non-linear interaction problem (Sheil et al., 2020). Machine learning 
(ML) techniques provide an alternative way for solving complex relationships and make reli- 
able predictions. Furthermore, the proliferation of data collected by TBMs provides a great 
opportunity for the application of ML for reliable tunnelling performance prediction. 

During the past two decades, ML based models have been used more and more to estimate 
AR. These ML algorithms include artificial neural networks (ANN), fuzzy logic (FL), adop- 
tive neuro fuzzy inference system (ANFIS), and support vector machine (SVM). The most 
used ML technique for TBM AR prediction is multilayer feedforward ANN with back- 
propagation (Gao et al., 2019; Zhou et al., 2020; Koopialipoor et al., 2020; Armaghani et al., 
2019) due to its advantage that it can make models easy to use and more accurate from com- 
plex natural systems with large inputs. Another widely used ML model is SVM (Xu et al., 
2019; Mokhtari and Mooney, 2020; Fattahi, 2016) as it is effective to work with high dimen- 
sional and linearly non-separable datasets (Hasanipanah et al., 2015). More recently, other 
ML algorithms have become popular and used in the prediction of AR, including FL (Simoes 
and Kim, 2006; Acaroglu et al., 2008; Ghasemi et al., 2014; Minh et al., 2017) which is capable 
to incorporate empirical evidence/experience, and, more flexible and non-linear ML algo- 
rithms, line genetic programming (GP) (Salimi et al., 2019; Zhou et al., 2020), classification 
and regression trees (DT) (Xu et al., 2019; Salimi et al., 2019), and RFs (Tao et al., 2015). In 
attempt to achieve higher performance, hybrid models have been explored by combining ML 
models with optimization algorithms, e.g., particle swarm optimization (PSO) (Zhang et al., 
2020), imperialism competitive algorithm (ICA) (Armaghani et al., 2017), differential evolu- 
tion (DE) (Yagiz and Karahan, 2015), and gray wolf optimization (GWO) (Zhou et al., 2021). 

The focus of this paper lies in estimation AR using the data collected during the drive of the 
4 km long S line from the light metro project in the city of Porto, Portugal, trying to find the 
relationship between monitored data and AR. With the goal of attempting to compare the 
performances of some of the most used ML, five popular machine learning techniques (KNN, 
SVR, ANN, RF, and DT) are trained using 80% of the TBM data and cross-validation and 
hyperparameter optimization are performed to optimize the model performance. The per- 
formance of these models is evaluated and compared in terms of R? and RMSE. 


2 DATA DESCRIPTION 


2.1 Project description 


The monitored data are collected from the Porto light metro project in Porto, Portugal. The 
tunnel is 3.95 km long and runs between Salgueiros and Sao Bento stations (see Figure 1). 


2.2 Data selection and processing 


To make the raw data suitable for building and training the ML models, the data was selected, pre- 
processed, and transformed. There are numerous sensors embedded in the TBM and more than 190 
features have been recorded. The raw data includes both excavation and halt (segment assembly) 
phases which are two main phases of tunnelling. The AR of it is zero when TBM halts and therefore 
the data from halt phase are removed in this study. In addition, parameters such as tank tempera- 
ture, CH4-monitoring and gear oil tank level that are obviously irrelevant to AR are also excluded. 
According to Mokhtari and Mooney (2020), parameters that either dependent on or directly reflect 
the AR should also be eliminated, such as screw conveyor speed which must be increased by oper- 
ator when AR increases. Then based on previous research and empiricism, a total of 7 parameters 
were selected for AR prediction. These parameters were: torque cutting wheel, thrust force, torque 
screw, cutting wheel speed of rotation, excavated material flow, earth pressure, foam lance pressure. 
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Figure 1. Plan view of Oporto light metro project in Porto, Portugal. 


The TBM sensor data and AR are time-dependent, so AR prediction is a time series fore- 
casting problem. However, in this paper, for simplicity, AR prediction will not be considered 
in terms of time series rather the selected input features and AR will be averaged for each ring 
(length of 1.4 m). Earth pressure and foam lance pressure are measured at different locations 
of tunnel cutterhead. For these cases the average value of earth pressure and foam lance pres- 
sure will be used for model development. 


3 ALGORITHMS AND METHODS 


3.1 KNN 


K-Nearest Neighbors regression (K NN) is a non-parametric method which, described in an 
intuitive manner, approximates the association between independent variables and the con- 
tinuous outcome by averaging the observations in the same neighborhood (Benedetti, 1977). 


3.2 SVR 


Support Vector Regression (SVR) was developed for regression of datasets with high dimen- 
sions which are linearly nonseparable. SVR is one of the most conventional approaches 
among ML techniques for regression since it reduces the prediction error as well as the com- 
plexity of the model (Drucker et al., 1993). 


3.3 ANN 


Artificial neural networks (ANN) is a type of the deep learning algorithm that simulate how 
the neurons in the human brain work. ANN consists of several layers composed of neurons. 
Each neuron is connected by synapses of other layers neurons. The synapses, or connected 
links, contain each an associated parameter (known as weights) which reflects the “strength” 
between the connected neurons. The transformation from input to output happens by the 
application of an activation function (Mhatre et al., 2015). 


3.4 RF 


Random Forest (RF) is a group of decision trees. RF regression is a supervised learning algo- 
rithm that uses ensemble learning method to perform regression. Ensemble learning method is 
a technique that combines predictions from multiple machine learning algorithms to make 
a more accurate prediction than a single model (Biau, 2012). 
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3.5 DT 


Decision trees (DT), a nonparametric data mining technique, is an efficient statistical tool to 
develop prediction algorithms for a response variable (Mahmoodzadeh et al.,2021). 


3.6 Methods 


The selection of hyperparameter is extremely important as it can affect the prediction per- 
formance of ML models. If an inappropriate value of hyperparameter is selected, underfitting, 
or overfitting, problems may arise. To avoid these issues and optimize models, cross- 
validation and hyperparameters optimization are conducted. Hyperparameters optimization 
was conducted using grid search. The hyperparameters that were optimized for each ML 
model are listed in Table 1. 


Table 1. Hyperparameters of the algorithms used in grid 


search. 

Model Hyperparameters 

KNN n neighbors 

SVR C, kernel, epsilon 

ANN nodes of one hidden layer 

RF max depth, min samples leaf, min samples split 
DT max depth, min samples leaf, max leaf nodes 


4 RESULTS AND DISCUSSION 


In this section, the results of the KNN, SVR, ANN, RF, and DT models are presented. The 
goodness of fit and model error of developed ML models were evaluated by coefficient of 
determination (R*) and root mean square error (RMSE) which are summarized in Table 2. 
For the training data, the R? indicates that the models can explain 81-91% of AR variation 
using the selected features. Model error, expressed in RMSE is low for all models. The ranking 
of model performance in the training data is: SVR>ANN>KNN>DT>REF. For the testing 
data, however, the performance is lower that the training with R? varying from 81-87% and 
the ranking of the model performance is: RF>SVR>KNN>DT>ANN. As seen in Table 2 the 
SVR model performed very well in both training and testing with R? of 91% and 87%. While 
ANN is the model that performs the worst testing, however, it performed well in the training. 


Table 2. Performance of five different machine learning algorithms. 


Training dataset (80%) Testing dataset (20%) 
Model R? RMSE (mm/min) R? RMSE (mm/min) 
KNN 0.858 3.834 0.811 5.604 
SVR 0.911 2.412 0.869 3.905 
ANN 0.886 3.092 0.784 6.406 
RF 0.812 5.099 0.870 3.872 
DT 0.813 5.067 0.808 5.698 


Figure 2 shows the performance of five different ML algorithms where y=x means perfect 
prediction. As seen, all models performed well particularly for low values of AR (i.e., from 
2 mm/min to 20 mm/min). However, the difference between the models becomes considerable 
when predicting the higher AR values (i.e., from 20 mm/min to 50 mm/min). It is interesting 
to find that ANN model shows a good fit in training data but has the worst performance in 
testing data. This might be due to the overfitting of the training data as only one hidden layer 
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was considered in this work. It should be noted that ANN has several important parameters 
that affect regression performance, and a parameter optimization study can be an alternative 
to reduce the overfitting and increase the performance for not only training but also the test- 
ing data. So, it is highly recommended that a hyperparameter study takes into consideration 
for all models to evaluate all model performances more elaborately. Another interesting phe- 
nomenon is the performance of RF for testing data is better than the one for training data. It 
may be due to the outliers in training data which RF cannot capture and lead to bad perform- 
ance during training. Additionally, model improvement must also focus on improving the 
quality of the dataset, more specifically characterizing, and finding errors in the dataset. 
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Figure 2. Performance of five different ML algorithms. 


5 CONCLUSIONS 


In this paper, five machine learning algorithms (i.e., KNN, SVR, ANN, RF, DT) were used 
to predict AR for a TBM tunnel for the metro of the city of Porto. More than 600 datasets 
were collected, and 7 input features were selected for AR prediction based on empiricism. The 
performance of the five algorithms was evaluated using R2 and RMSE. According to the 
results, the ranking of model performance in training data was: SVR>ANN>KNN>DT>RF 
while the ranking for testing data was: RF>SVR>KNN>DT>ANN. The results showed SVR 
performs best among these 5 algorithms with R? = 0.911 and RMSE = 2.412 mm/min. Based 
on the results, future work will focus on 1) improving model performance by focusing on 
hyperparameter optimization 2) improving data quality by characterizing and identifying 
errors in datasets, and pruning noisy data from the datasets. 
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ABSTRACT: The construction of the tunnel usually leads to settlement which normally 
depends on the tunnel geometries, geological condition and tunnel construction parameters. The 
tunnel construction rate commonly decrease with more strict value of controlled surface settle- 
ment, resulting in an increase of time and budget of tunnel construction. This study develops an 
approach to determine the optimal tunneling parameters using genetic algorithm (GA) with vary- 
ing allowable surface settlements incorporated with the artificial neural network (ANN). The 
ANN is used to construct prediction models of surface settlement and tunnel construction rate. In 
this study, the MRTA Blue Line data are used to train the ANN and used as case study for deter- 
mining optimal tunnel construction parameters. The results demonstrates that the approach of 
combination of ANN and GA can be an efficient tool for application in tunnel construction. 
With the data of MRTA blue line, to obtain the maximum construction rate, the penetration rate 
and grouting pressure have to change significantly with the variation of allowable settlement. 


1 INTRODUCTION 


The mass transit system is crucial in the capital city or economic area of several countries (Fat- 
tahi & Babanouri, 2018; Jongpradist et al., 2013; Lueprasert et al., 2017), in which the space on 
the ground is limited. Although a tunnel boring machine (TBM) with an earth pressure balance 
machine (EPBM) is used for tunnel construction (Suwansawat, 2002), ground subsidence still 
exists. In an urban environment, nearby structures may be affected. A strict construction by 
controlling the ground subsidence is thus usually implemented. As a result, the construction rate 
in this restricted construction zone is comparatively low. Past studies have shown that subsid- 
ence due to tunneling can be caused by several factors (Chotidilok, 2009; Fattahi & Babanouri, 
2018; Koukoutas & Sofianos, 2015; Moeinossadat et al., 2018; Ocak & Seker, 2013; Srijanthong, 
2008; Suwansawat, 2002; Suwansawat & Einstein, 2006), such as tunnel characteristics, soil con- 
dition, construction control known as shield tunneling parameters, etc. Among these, several 
parameters whose relationship with ground subsidence is complicated, cannot be reflected in the 
available prediction methods of ground subsidence. It is thus difficult to determine the suitable 
set of shield tunneling parameters during the design stage. 

With the recent advancement of artificial intelligence (AI), it becomes possible to establish 
a subsidence prediction method from the mentioned shield tunneling parameters using data 
from the case history. So far only studies have been done to determine the factors and effects on 
subsidence caused by tunneling. It has not yet been developed further to find suitable shield tun- 
neling parameters for tunnel construction considering both the construction rate and surface 
subsidence simultaneously. This can be done in the framework of multi-objective optimization 
by considering both the construction cost and ground subsidence as the main objectives. 

To overcome the limitation of the former studies, an optimization approach in which the 
combination of artificial neural network (ANN) and genetic algorithm (GA) is proposed to 
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find the optimal shield tunneling parameters (e.g., face pressure) of each ground condition 
under various controlled ground subsidence for providing the best compromise between con- 
trolling the subsidence in the acceptable limit and maximizing the construction rate. The 
actual data of MRTA Blue line construction in Bangkok, Thailand has been used to train the 
ANN and establish the prediction models for ground subsidence and construction rate. The 
multi-objective optimization has been carried out using the GA. 


2 METHODOLOGY 


The soil strata, shield characters and shield tunneling parameters of Bangkok MRTA Blue 
line are adopted in the study. The tunnels were designed to construct in a stiff clay layer. With 
the spatial variation in soil strata, the tunnels were thus mainly constructed in three soil condi- 
tions; i.e., between soft clay and stiff clay layers (abbreviated as Soft-Stiff Clay), in stiff clay 
layer (abbreviated as Stiff Clay) and between stiff clay and sand layers (abbreviated as Stiff 
Clay-Sand). According to the soil conditions and the related tunnel depths in the actual pro- 
ject, a total of 9 cases as tabulated in Table | are considered. 


Table 1. Cases considered in the study. 
Case No. 1 2 3 4 > 6 7 8 9 


Ground condition Soft-Stiff Clay Stiff Clay Stiff Clay-Sand 
Tunnel depth (m) 13 15 18 17 19 21 20 22 24 


For each soil condition, the data of both the ground settlement and construction rate were 
collected from locations to which no existing structure is close to ensure that the settlement 
values represent the green field condition. From the collected data, the relationships between 
the soil subsidence/construction rate and shield tunneling parameters were established by 
ANN. The validity of the models was verified by comparing the actual values and measured 
values. Subsequently, the multi-objective optimization of shield tunneling parameters was car- 
ried out using a genetic algorithm. 


2.1 ANN model 


2.1.1 Objective functions 

Two objectives, i.e., soil subsidence and construction rate are considered for the optimization 
in this study. The construction rate is represented in terms of the number of rings (that can be 
constructed) per day. Therefore, two objective functions (relationship between each objective 
and shield tunneling parameters: see next subsection) need to be established for each soil condi- 
tion. As a result, a total of 6 neural network models were constructed via ANN in this study. 


2.1.2 Shield tunneling parameters 

According to previous studies (Chotidilok, 2009; Fattahi & Babanouri, 2018; Koukoutas & 
Sofianos, 2015; Moeinossadat et al., 2018; Ocak & Seker, 2013; Srijanthong, 2008; Suwansawat, 
2002; Suwansawat & Einstein, 2006), six shield tunneling parameters as listed in Table 2 were 
chosen as input parameters in the ANN models together with the tunnel depth. The ranges of 
each parameter for different soil conditions in the actual project are also shown in the table. 


2.1.3 Hidden layers 

The number of hidden layers affects the learning of relationships between tunneling parameters and 
targets. It also affects the accuracy of neural networks (Chotidilok, 2009; Suwansawat, 2002; Suwan- 
sawat & Einstein, 2006), which generally applies a trial and error method. In this study, the optimal 
number of hidden layers was found in intervals 1-50 layers and consider the suitability of the 
number of hidden layers through the minimum root mean squared error (RMSE) value between the 
RMSE value of the training data set and the RMSE value of the test data set. 
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Table 2. Shield operation parameters considered in this study. 


Range of data 


Parameter Unit Soft-Stiff Clay Stiff Clay Stiff Clay-Sand 
Penetration rate mm/min 9-31 22-55 19-51 

Face pressure kPa 141-189 30-182 27-147 

Thrust force ton 809-1159 611-1277 741-1179 
Pitching angle degree —0.33 to 0.24 —1.18 to 0.47 -1.23 to 0.71 
Grouting pressure bar 0.5-2.5 0.72-2.55 2.4-2.5 

Percent grout % 97-150 103-150 99-224 


2.1.4 Efficiency of neural network 

To obtain the most suitable neural network models to predict the targets, two main processes 
have been done. The first process is to find the most suitable number of hidden layers and the 
latter is the repeated learning process. During both processes, the root mean square error 
(RMSE) was used as the indicator of prediction accuracy. 


2.2 Genetic algorithms 


Recently, several optimization algorithms have been developed based on a stochastic search 
method (e.g., genetic algorithm, particle swarm optimization, and ant colony optimization) and 
utilized to determine the optimal solution for geotechnical problems. Among several optimization 
techniques, the genetic algorithm by applying the principle of natural selection (Holland, 1975; 
Sanboonsiri, 2020) is chosen due to its advantages. These include the ability to find the optimum 
answer in a large answer domain, utilization of a small number of data and data processing time. 
Moreover, an objective function and a set of constraints are the only components needed for GA. 
Additionally, GA allows for reducing the computational operation in each stage of searching by 
limiting the range of possible optimal answers, and hence, the optimization using GA can be used 
for large-scale problems involving a large number of variables. Recently the method is commonly 
used in several applications of geotechnical structure (Phutthananon et al., 2021, 2020). 


2.2.1 Optimization scope 

For accurate prediction of tunnel construction rate and surface subsidence values of the ANN 
model. It is necessary to set the optimization boundary of each shield tunneling parameter to be 
equal to the maximum and minimum values from the data used for analysis as shown in Table 2. 


2.2.2 Features of genetic algorithms 

In this study, the tunnel construction rate was assigned as the target function (maximizing 
value) in which the optimal set of shield tunneling parameters was searched by GA. However, 
considering the GA process, it is designed to find a set of solutions that minimize the value of 
the target function. Therefore, the target function Y must be set to have a negative value as 
shown in Equation | to maximize the tunnel construction rate: 


Y= —Yecon (1) 
where Ycon is the tunnel construction rate obtained from the optimization process with GA. 


2.2.3 Conditions for optimization 
This study considered two constraint functions in the GA for optimization problems to obtain 
the possible maximum tunnel construction rate. The first is the constraint due to the control 
settlement to an acceptable value: 


Yset < Yset,allow (2) 


2719 


where Yser is the induced settlement obtained from the optimization process using GA and 
Vsetallow 18 the acceptable settlement. 

The second constraint is the limitation in terms of construction efficiency (k), which was obtained 
by comparing the ratio between the tunnel construction rate (mm/min) and the penetration rate 
(Xpen, MM/MIN). A maximum k of 0.8 was used for this study based on the observed data. Therefore, 
to prevent the abnormal results obtained from the GA, the constraint as expressed in Equation 3 
was proposed for maximizing the tunnel construction rate based on actual construction. 


Ycon SK Xpen (3) 


2.3 Optimization procedure by genetic algorithms 


In the GA procedure beginning stage, a set of solutions so-called population is randomly gener- 
ated. To find the best solution, each solution is assessed through an objective function to estimate 
its fitness value. In the next stage, the new population of the next generation is created based on 
several operators, consisting of selection, crossover and mutation. The new populations will then 
be tested and evaluated for the next further population. The mentioned-above procedure for con- 
structing the population and subsequent test process is named a generation in GA. The whole 
procedure is repeatedly processed till the last population is considered to be the final one. The 
optimal solution is then considered to be met. The stopping criteria can be defined as a predefined 
fitness value is found; the maximum number of generations is reached. Noted that the population 
size of 200 and the number of generations of 600 were adopted for this study. 


3 ANALYSIS RESULTS AND DISCUSSION 


3.1 Accuracy of neural network model 


To validate the accuracy of the developed ANN models, plots between the predicted results 
provided by ANN and measured results of ground subsidence and construction rate are per- 
formed and presented in Figures la and 1b, respectively. The values of R? and RMSE for 
both objectives are found to be acceptable for all ground conditions. The R? values given by 
most responses are higher than 0.90 with a very small RMSE. Therefore, the developed ANN 
models are reasonable to predict the relationships between the ground subsidence/construction 
rate and tunneling parameters with a satisfactory accuracy level. 
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Figure 1. (a) Comparison between the predicted and measured settlements; (b) Comparison between 
the predicted and measured construction rates. 


3.2 Tunnel construction rate under permissible surface subsidence control 


In the traditional design of shield tunneling parameters, the ground condition and tunnel 
depth must be first known. Therefore, in the process of optimization of tunneling parameters, 
the nine cases referring to the ground conditions and tunnel depths as listed in Table 1 are 
considered. For each case with a certain ground condition and tunnel depth, the optimization 
is carried out to obtain the most suitable set of tunneling parameters so that the maximum 
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construction rate is achieved while the induced settlement shall not exceed the allowable 
value. The allowable settlements considered in this study are 10, 20, and 30 mm. 

The results of optimization in terms of the construction rate against the settlement for various 
cases are depicted in Figure 2a. The figure shows the maximum construction rate and induced 
settlement that can be expected from the optimum set of tunneling parameters (from the opti- 
mization process). It is seen in the figure that, in general, the construction rate mainly depends 
on the ground condition with the tunnel depth. For the greater depth (the soil condition is also 
stiffer), a greater construction rate would be obtained. The effect of allowable settlement is mar- 
ginal. This is because these ground conditions (Stiff Clay and Stiff Clay-Sand) and this range of 
tunnel depths (17-24 m) are suitable for tunneling. With the management skill of the construc- 
tion crew, the optimal construction rate is probably the highest expected value. For tunneling at 
shallow depth (in Soft-Stiff Clay), significantly lower construction rates can be seen. This is 
because the construction was done with great care to strictly control the settlement. With the 
range of small settlement values of the actual condition, the small settlements are also obtained 
in the optimization process even though a larger allowable value is considered. However, the 
effect of the controlled settlement on the expected construction rate can be seen. A broader set 
of settlement values under this condition is thus preferred in further study. 


3.3 Optimal shield tunneling parameters 


The optimum tunneling parameters of all considered cases (Table 1) obtained from the opti- 
mization process are shown in Table 3 and discussed in this section. In the discussion, the 


Table 3. Optimal shield tunneling parameters for each case. 


Ground condition Soft-Stiff Clay 

Case No. 1 2 3 

Control settlement (mm) 10 20 30 10 20 30 10 20 30 
Penetration rate (mm/min) 31 31 31 31 31 31 30 31 31 
Face pressure (kPa) 189 189 189 189 189 168 188 171 182 
Thrust force (ton) 809 809 809 809 900 1159 839 1028 926 
Pitching angle (degree) 0.29 0.33 0.33 0.33 0.33 0.33 0.27 0.10 0.26 
Grouting pressure (bar) 1.69 2.5 2.5 2:5 2.5 2.5 2.24 1.16 1.41 
Percent grout (%) 150 128 128 111 97 97 115 115 131 
Ground condition Stiff Clay 

Case No. 4 5 6 

Control settlement (mm) 10 20 30 10 20 30 10 20 30 
Penetration rate (mm/min) 46 38 38 55 45 42 55 47 43 
Face pressure (kPa) 30 30 30 30 30 30 30 30 30 
Thrust force (ton) 611 611 611 611 611 611 611 611 611 
Pitching angle (degree) 1.18 1.17 1.13 1.18 1.18 1.18 0.91 1.14 1.16 
Grouting pressure (bar) 2.27 1.75 1.47 2.54 2.22 1.95 2.55 2.33 2.14 
Percent grout (%) 150 147 150 150 150 150 145 150 150 
Ground condition Stiff Clay-Sand 

Case No. 7 8 9 

Control settlement (mm) 10 20 30 10 20 30 10 20 30 
Penetration rate (mm/min) 43 37 38 51 42 39 51 43 40 
Face pressure (kPa) 27 27 27 27 27 27 27 27 27 
Thrust force (ton) 741 741 741 741 741 741 741 741 741 
Pitching angle (degree) 1.23 1.23 1:23 1.16 1.23 1.23 0.89 1.18 1.19 
Grouting pressure (bar) 2.49 2.46 2.45 2.5 2.48 2.47 2.5 2.49 2.48 
Percent grout (%) 224 223 224 224 224 224 205 224 224 
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Figure 2. (a) Optimized construction rate for various settlement controls; (b) Optimal penetration rate 
against tunnel depth for various settlement controls. 


variations of each tunneling parameter with considered cases are presented. However, the fig- 
ures of only some tunneling parameters are presented to highlight the major findings from the 
study. 


3.3.1 Penetration rate 

Figure 2b shows the optimal penetration rate under various allowable subsidence controls and 
tunnel depths. In the cases of stiff ground conditions (Stiff Clay and Stiff Clay-Sand), the deeper the 
tunnels, the faster penetrations should be applied to achieve a greater construction rate as depicted 
in Figure 2a. It is also seen that a greater penetration rate is required for more strict settlement con- 
trol. It can be thus postulated that the penetration rate is a key tunneling parameter controlling 
both the ground subsidence and construction rate. However, in the case of Soft-Stiff Clay, there was 
a very small change in penetration rate for various depths and settlement controls. As previously 
mentioned, this is attributed to the strict construction control under this ground condition. 


3.3.2 Grouting pressure 

Figure 3 illustrates the most suitable grouting pressures to achieve maximum construction 
under controlled subsidence for various tunnel depths and ground conditions. Besides the case 
of Soft-Stiff clay, it is seen that a higher grouting pressure is required for tunneling with 
greater depth and with more strict settlement control. However, a distinct trend can be seen in 
the case of Stiff Clay. For the case of Stiff Clay-Sand, only a little change of values is 
obtained. This is probably due to the narrow range (2.4-2.5 bar) of grouting pressure in 
actual condition. In the case of Soft-Stiff Clay, although no distinct trend could be seen, 
a similar conclusion with the other two cases can be postulated. 


3.3.3 Face pressure 

It is seen that the tunnel depth and controlled settlement value do not affect the optimal face 
pressure in each ground condition. The optimal face pressure values for cases of Stiff Clay 
and Stiff Clay-Sand are much smaller than those of the case of Soft-Stiff clay. This tendency is 
consistent with the maximum construction rate shown in Figure 2a and the caution of shallow 
tunneling as previously mentioned. 


3.3.4 Thrust force 

From the results obtained from the optimization, the optimal thrust forces tend to remain constant 
for cases of Stiff Clay and Stiff Clay-Sand despite the increasing depth and with more strict settle- 
ment control. In these two cases, the optimal thrust force values are close to lower boundary values 
(611 and 741 tons, respectively). On the other hand, in the case of Soft-Stiff Clay, the optimal 
thrust force tends to increase with tunnel depth but decreases with more strict settlement control. 


3.3.5 Pitching angle 

The optimization reveals that to achieve the maximum construction rate, the front part of 
TBM has to slightly sink. This is probably due to that the TBM front part naturally sinks 
caused by the TBM center of gravity is in the front part. The process to adjust the shield pos- 
ition to align horizontally would increase the construction time and subsequently decreases 
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the construction rate. For the case of Soft-Stiff clay where the settlement is of concern, more 
frequent shield position adjustment is needed. As a result, the optimal pitching angle is thus 
smaller (in a negative sign) than those for the other two cases. 
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Figure 3. Optimal grouting pressure against tunnel depth for various settlement controls. 


3.3.6 Percent grouting 

The optimal percent grouting seems to be independent of the depth and settlement control for 
cases of Stiff Clay and Stiff Clay-Sand. The value in the case of Stiff Clay-Sand is larger. For 
these two cases, the optimal values are close to the upper boundary (150% and 224%, respect- 
ively). For the case of Soft-Stiff Clay, the optimal percentage of grouting tended to decrease 
with the tunnel depth but the dependence on settlement control is unclear. It is noted that the 
grouting percent of some sections were larger than 100% due to the high grouting pressure to 
ensure that the induced settlements would be minimized. 


4 CONCLUSIONS 


This study combines ANN models for prediction and optimization with a genetic algorithm to 
consider the design of the suitable tunneling machine control parameters for each soil condi- 
tion and considered depth. The highest tunnel construction rate was determined when control- 
ling the subsidence of the soil surface within the acceptable values. The study results can be 
summarized as follows. 


1. From the results of the optimization analysis, it was found that the analysis results were 
reasonable. When the settlement was strictly controlled, the optimization yields less tunnel 
construction rate. Besides, a greater construction rate can be achieved from tunneling in 
more firm ground conditions, demonstrating that ANN and GA can be efficient tools for 
application in the design of tunnel construction. 

2. With the data set used in this study (Bangkok MRTA Blue line), for tunneling in firm 
ground conditions (Stiff clay and Stiff clay-Sand cases), the developed approach can sug- 
gest the suitable shield tunneling parameters for each ground condition and tunnel depth. 

3. For tunnel construction with great care (i.e., Soft-Stiff clay case), a broader set of settle- 
ment values under this condition with wider ranges of tunneling parameters is preferred in 
future studies. 
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ABBREVIATIONS 

Al Artificial intelligence 

ANN Artificial neural network 

EPBM Earth pressure balanced machine 

GA Genetic algorithm 

k Construction efficiency 

R? Coefficient of determination 

RMSE Root mean squared error 

TBM Tunnel boring machine 

Xpen Measured penetration rate 

Y Target function 

Ycon Construction rate obtained from optimization using GA 
Yset Settlement obtained from optimization using GA 
Yset,allow Allowable settlement 
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ABSTRACT: Uniaxial Compressive Strength (UCS) is an essential and critical mechanical param- 
eter for design and stability assessment in rock engineering. In practice, accurate measurement of the 
UCS of rocks is obtained through laboratory-based direct testing, however, these are expensive, time 
consuming, and destructive. To overcome these shortcomings, numerous researchers have employed 
indirect methods to generate UCS-predictive models using soft and hard computing methods. 
Although, these indirect models remain limited due to insufficient availability of data restricting their 
applicability to different sites and lithologies. Therefore, alternative methods to overcome this short- 
age of data are necessary and of a high interest. In this study, an Artificial Neural Network (ANN), 
a Decision Tree (DT), and Multi Linear Regression (MLR) model are used to develop UCS predict- 
ive models. To this end, an experimental dataset of nineteen UCS, point load tests and bulk density 
measurements on sandstone was built and three statistical metrics were used to evaluate each model 
performance. Subsequently, Transfer Learning (TL), a technique which allows smaller datasets to be 
used, is applied to ANN to test its effectiveness. The results showed that TL achieved superior pre- 
dictive performance on unseen data compared to the ANN, DT and MLR models and can be effect- 
ively applied to enhance the performance of a model built with a small dataset. 


1 INTRODUCTION 


1.1 Overview 


Measure of rock strength parameters in underground applications presents some challenges 
especially for weak rocks. One of the most important strength parameters used in rockmass 
stability assessment and design is UCS. It is used as an index parameter able of providing 
approximations for a variety of engineering problems such as rock pillar design, tunnel roof 
support and rock bearing capacity (Innocente et al. 2021; Paraskevopoulou et al. 2015; 2017; 
Wang et al. 2020). Hence, accurate determination of UCS is of crucial importance in the 
design and stability assessment of rock structures and inappropriate estimation can lead to 
catastrophic failure (Paraskevopoulou et al. 2022). 

UCS of rocks can be determined using direct or indirect methods. In the direct approach, 
the UCS is determined by performing a Uniaxial Compressive Test (UCT) following Inter- 
national Standard for Rock Mechanics (ISRM) and American Society for Testing and Mater- 
ials (ASTM) guidance. Accurate determination of the UCS necessitates large amounts of tests 
to be performed thus requiring large quantities of high-quality rock samples to be extracted, 
moreover, it requires sample preparation, which is often difficult for rocks that are fractured, 
thinly bedded, soft or fragile (Jalali et al. 2019). Consequently, determination of the UCS by 
direct testing is time consuming, expensive, and destructive making this approach limited 
when the acquisition of high-quality core samples is not possible especially in underground 
applications (Mishra et al. 2013). 
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The alternative way of determining UCS is by computing it indirectly. This approach consists of 
using indirect and geo-mechanical parameters as inputs in predictive models to output the UCS. 
Obtaining these parameters requires little to no preparation, moreover these tests are often non- 
destructive making indirect techniques more attractive to estimate the UCS compared to direct 
methods. Problem solving approaches for indirect techniques can be classified in two categories: 
Hard Computing Methods (HCM) and Soft Computing Methods (HCM) (Wang et al. 2020). 


1.2 Hard computing methods 


HCM are problem-solving techniques that aim to produce predictive models from traditional 
numerical modelling. These methods consist of building a predictive model by fitting a line or 
a curve that best describes experimental data points between independent variables (i.e. indirect or 
geo-mechanical parameters) and a dependent variable thus creating an equation that can be used 
to predict the UCS with unseen data. HCM usually deal with precise and exact data to produce 
a result, they do not tolerate uncertainty and imprecision. However, rock engineering problems 
exist in a non-ideal environment, meaning that real data can be approximate and inexact thus 
making HCM unreliable for rock prediction problems. Moreover, previously established empirical 
equations possess a lithological heterogeneity dependent nature, in other words, they do not con- 
sider site specific conditions (Xue et al. 2020). According to Wang et al. (2020), the empirical for- 
mulas are frequently established by using regression techniques based on limited number of 
experimental datasets and rock types which restricts their applicability for real life application. 


1.3 Soft computing methods 


To overcome the shortcomings of HCM, numerous researchers have employed alternative method 
of predicting the UCS indirectly by using SCM (e.g. Mahmoodazeh et al. 2021, Armaghani et al. 
2016). It refers to a collection of computational techniques based on Artificial Intelligence (AT) that 
can provide solutions to very complex problems for which hard computing methods solutions do 
not exist (Choudhury et al. 2016). They cover a wide range of computational techniques including 
Machine Learning (ML), fuzzy logic, probabilistic reasoning, and evolutionary computation. 
Unlike HCM, soft computing deals with approximate problem capable of handling imprecision 
and uncertainty which makes them unique and attractive for engineering applications (Ibrahim, 
2016). In rock strength prediction, SCM have shown promising predictive ability, several studies 
have shown that SCM outperform HCM by achieving higher accuracy when applied to the same 
dataset (Abdi et al. 2018). 

Although SCM have shown great potential in rock strength prediction problems, they remain 
limited because SCM are blackbox, meaning that they do not show their internal workings, their use 
requires some level of expertise, moreover the size and strength range of the dataset used to build 
predictive soft computing models restrict their application to real life projects (Lawal & Kwon 2020). 

In recent years, TL, a ML algorithm has been used in several engineering fields and has demon- 
strated potential in overcoming the shortcomings of small dataset size. It consists of improving the 
learning process of a model by transferring knowledge from previous learning episodes, enabling 
the use of smaller dataset size and the development of more robust model. Review of the literature 
has shown that few researchers discuss the limitations of dataset size and that, in rock strength pre- 
diction, TL has yet to be applied to overcome this constraint. 


1.4 Purpose 


The aim of this paper is to investigate the effectiveness of TL in rock strength prediction. To this 
end, a dataset of nineteen UCS, point load index (J59)) and bulk density (Ppux) measurement was 
built. Subsequently, three ML models were developed (FNN, DT and MLR) using a train-test 
split of 70-30%. Lastly, TL was applied to FNN, and a comparative analysis was carried out using 
three statistical metrics, the coefficient of determination (R°), Mean Squared Error (MSE) and 
Mean Absolute Error (MAB), to evaluate the performance of the TL model (denoted TL-FNN) 
compared to the other considered ML models. A flowchart of the proposed methodology is 
shown in Figure 1. 
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Figure 1. Flowchart of proposed methodology. 


2 PREDICTIVE MODELS 


2.1 Multi-linear regression 


MLR is an extension of linear regression as it uses empirical data to generate a linear function 
that describes an output y as a function of more than one input variable x plus a noise term 
epsilon. This analysis is used to determine the linear relationship between the output and 
inputs and serves to compare the predictive accuracy of MLR to different machine learning 
models. A two-input variable MLR is shown in equation 1. 


Yy =Po +81: x1 +p: x2 +E (1) 


where fo = intercept term; f,, = coefficient term; ¢ = noise term; x, = independent variables. 


2.2 Artificial neural network 


An ANN is a powerful ML model that can learn patterns from a dataset to make predictions. 
It is composed of at least three layers, each composed of at least one neuron: an input layer, 
one or more hidden layers and an output layer (Figure 2). In this study, a FNN is proposed, it 
is a type of ANN in which the connection between neurons do not form a cycle, hence informa- 
tion moves in only one direction from the input layer through the hidden layers until it reaches 
the output layer. In a FNN, hidden layers work by receiving a vector of inputs from 
a preceding layer, multiplying them with different weights, adding biases and feeding the sum of 
these weighted inputs and biases to an activation function, hence the FNN computations for 
the first hidden layer, all remaining hidden layers and the output layer can be written out as 
equation 2, 3 and 4 respectively (Grosse n.d.). The activation function works by transforming 
this weighted input into an output which is then in turn fed as input to the next hidden layer till 
it reaches the final output layer as shown in Figure 3. The level of error of an ANN is measured 
by a loss function (e.g. mean absolute error, mean squared error) which quantifies the difference 
between the real and predicted output values. To achieve the best model accuracy, this loss 
function is minimized as much as possible by employing a method called gradient descent with 
back propagation. It is important to note that in a FNN, each neuron has its own bias and that 
each pair of neurons in two consecutive layers has an associated weight. 
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where b; = bias; w; = connection weight between input/hidden or hidden/output layer; X; = input 
neuron, Y; = output neuron; f = activation function (which may be different for each layer). 
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Figure 2. Example of a FNN model with two hidden layers. 
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Figure 3. Data processing ina FNN. 


(Input 2) (xe) we — Activation Function —> Output or input 


2.3 Decision tree 


Decision Tree (DT) is a commonly used ML algorithm for regression that works in a tree-like 
structure by breaking down a dataset into smaller subsets until a final output is obtained. A DT 
is composed of a root node containing the entire dataset, decision nodes which split a node into 
several sub node by constructing association rules between the inputs and output, and leaf 
nodes which are the end point of a DT and represent the outcome of the model (Figure 4). 


Root Node 


Figure 4. Example of a DT architecture. 
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2.4 Transfer learning 


The application of a model in a real-world scenario requires continuous adaption, for example 
the UCS range of a model may differ from the range in a real-life project, this would require 
a new model to be created from scratch that can deal with this new strength range. However, 
with transfer learning, instead of starting with a new dataset, a model can be enhanced given 
the experience acquired from previous learning tasks (Torrey et al. n.d.). 

Transfer learning is an approach in deep learning that works by reusing a pre-trained model 
(model A in Figure 5) where the final layer has been re-trained (model B in Figure 5) on a specific 
dataset. The successful application of transfer learning also called ‘positive transfer’ requires the 
appropriate selection of a suitable dataset that is structurally similar to task A (i.e. composed of 
the same inputs and output). Inversely, a dataset that is unrelated or presents random noise may 
decrease the performance of a base model, in this case ‘negative transfer’ has occurred. 

TL is of particular interest in rock engineering as a final ‘combined’ model can benefit from 
previous learning tasks. Consequently, this new model can be applied to a wider strength range 
and adapt to new situations more efficiently compared to a model that only depends on a single 
dataset. Furthermore, TL allows for fewer experiments to be performed resulting in cheaper 
and faster ways to build predictive models. As TL highly depends on the performance of a ML 
model, it will be applied to the best performing ANN model after conducting several iterations. 


Generic dataset Generic network Generic tusk 
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Specific dataset Pre-trained Trainable Specific task 


Figure 5. Transfer Learning process (Mari et al. 2019). 


3 METHODOLOGY 


3.1 Dataset construction 


Review of the literature showed that datasets are built using two procedures. The first method 
is to build a dataset form experimental laboratory tests on rock samples retrieved from vari- 
ous locations and can be of the same or different rock type (e.g. Abdi et al. 2018, Mahmooda- 
zeh et al. 2021). This is done for two primary reasons: having different compressive strength in 
a dataset enables a clearer mathematical relationship to form between the desired output and 
input parameters compared to smaller strength range size. It also increases the UCS range and 
rock types of the dataset increasing the applicability of the model to real life applications. The 
alternative method is to develop a database from available published datasets allowing for 
larger datasets to be built (e.g. Wang et al. 2020). 

In this study, experimental tests were performed on a sedimentary rock found in West 
Yorkshire, UK called Thornhill sandstone. All sandstone blocks were collected from a single 
location, Britannia Quarry, considerably limiting the UCS range of the dataset as this rock 
did not show any inherent variability. Therefore, each UCS and point load sample were 
soaked in water for different amount of time (ranging from 5 minutes to 17 hours) to decrease 
its compressive strength thus increasing the UCS range of the dataset. UCS and point load 
tests were performed in accordance with ISRM (1979) and ISRM (1985) respectively. 
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3.2 ML model development 


In this paper, three ML models (FNN, DT, MLR) are developed and compared using three 
statistical metrics (R?, MSE, MAE), subsequently a TL algorithm is proposed and applied to 
the pre-trained FNN model to produce a new model denoted “TL-FNN’ to test the effective- 
ness of TL in rock strength prediction. To determine the hyperparameters of the FNN and 
DT model, a trial-and-error approach was carried out. For the FNN, the number of nodes 
and hidden layers were increased until the chosen loss function stopped decreasing. Each 
model was obtained using a random train-test split of 70 — 30 % and by running the corres- 
ponding ML algorithm several times until the highest accuracy for the train and test set were 
achieved. All models were developed using the scikit-learn library in Python. 


3.3 Evaluation metrics 


To evaluate the predictive performance of each ML model, three statistical metrics are 
employed: R°, MSE, and MAE which are given by Equations 5, 6 and 7 respectively. 

There are no correct values for these metrics, the lower the MSE and MAE and higher the 
R’, the better the model accuracy. However, achieving a perfect model is not possible and an 
error threshold level should be defined to evaluate the performance of a model. Review of the 
literature has shown that R? is the most used metrics in rock strength prediction and that an 
R? value of 0.80 corresponds to highly accurate model. 


R=1- (Eh GW DL), 0-7) (5) 
MSE =}, (vi - Ji) /n (6) 
MAE =) ¥,_,|3i—yil/n (7) 


where y; = real value; p; = predicted value; y; = mean of y; and n = number of observations. 


4 NUMERICAL ANALYSIS 


4.1 FNN hyperparameters 


Using the MSE as a loss function and Rectified Linear Unit (ReLU) as the activation function, 
a FNN of 4 hidden layers each comprised of 128 neurons has been used as increasing the number 
of layers and neurons beyond these values did not improve the model accuracy (Figure 6). 
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Figure 6. Proposed FNN architecture. 


4.2 DT hyperparameters 


DT model hyperparameters were chosen arbitrarily until satisfactory accuracies were 
obtained, these are shown in Table 1. Parameters that are not mentioned are left to the default 
value/type set by the scikit-learn library in Python. 
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Table 1. DT parameters. 


Parameters Value 
Function used to measure the quality of a split MSE 
Minimum number of samples required to split a node 4 
Minimum number of samples to be a at a leaf node 2 


4.3 Comparative analysis 


The results of this analysis (Tables 2 and 3 and Figure 7) showed that, TL-FNN outperformed 
FNN, MLR and DT for the test set. For instance, the accuracy of the test set (i.e. the unseen 
data) have considerably increased compared to FNN: the MSE and MAE decreased by 
approximately 83.7% and 59.1% respectively and R? increased by 59.6% despite the very low 
score achieved by FNN due to overfitting. Regarding the train set, the results showed that TL- 
FNN underperformed compared to FNN, MLR and DT. The MSE and MAE increased by 
approximately 156.3 % and 78.6% respectively and R? decreased by 8.4 % compared to FNN. 
As no maximum error has been established for the MAE and MSE in UCS predictive models, 
ascertaining if TL-FNN train set metrics are satisfactory is not possible. However, based on RŽ, 
it can be concluded that TL-FNN is the best performing model overall in both the test and train 
set. This analysis has also shown that TL was able to overcome the overfitting issue of FNN by 
both increasing and decreasing the test and train set accuracy respectively. 


Table 2. Comparison of FNN & TL-FNN for the train set. 


Model Set R? Rank MSE Rank MAE Rank 
FNN Train 0.95 1 3.20 1 1.12 1 
TL-FNN Train 0.87 3 8.20 4 2.00 4 
DT Train 0.82 4 5.63 3 1.90 3 
MLR Train 0.92 2, 4.76 2 1.77 2 


Table 3. Comparison of FNN & TL-FNN for the test set. 


Model Set R? Rank MSE Rank MAE Rank 
FNN Test 0.57 4 17.96 4 3.35 3 
TL-FNN Test 0.91 1 2.93 1 1.37 1 
DT Test 0.71 3 16.63 3 3.68 4 
MLR Test 0.73 2 10.60 2 2573, 2 


5 CONCLUSION 


UCS predictive models are widely used in practice due to their ease of use and advantages over 
direct laboratory tests, however they remain limited mainly due to the small dataset size used to 
develop these models. The aim of this paper has been to overcome the limitations of SCM in rock 
strength prediction originating from the limited dataset size and strength range. To this end, three 
ML models (FNN, DT and MLR) were developed using a small dataset composed of nineteen 
UCS test on sandstone. Subsequently TL was applied to ANN with the same dataset and 
a comparative analysis was performed to evaluate TL’s effectiveness in rock strength prediction. 
The results showed that TL-FNN achieved higher accuracy for the test data compared to FN, DT 
and MLR as the statistical metrics results significantly increased despite the very low values 
obtained with FNN. Moreover, TL-FNN was able to overcome the overfitting issue of the FNN 
whilst maintaining the coefficient of determination to satisfactory values. It is clear from this study 
that TL enables FNN to achieve higher accuracies with unseen data then what was otherwise pos- 
sible. As the aim of a UCS predictive model is to forecast the UCS of unseen data, it can be con- 
cluded that TL-FNN is the best performing model and is recommended to improve the predictive 
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Figure 7. Comparison of FNN and TL-ANN predicted UCS values with experimental data. 


capabilities of FNN developed using small sized datasets. However further studies are required to 
test the validity of TL in rock strength prediction by using different datasets and rock types. 
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ABSTRACT: Lithology identification is crucial in tunnelling with a tunnel boring machine 
(TBM) for mitigating the instability risks and for optimizing the time-consuming excavation. 
However, in most cases, the lithology classes are not adequate due to the low number of drill- 
ing holes, anisotropy, and heterogeneity of the rock layers. In this paper, the proposed 
method is to classify the lithology of the tunnel surrounding layers using automatic machine 
learning. An earth pressure balance (EPB) machine recorded 18 operational parameters in 
real time along with the three main lithologies. Python Pycaret was applied to create 14 differ- 
ent classifiers for comparison automatically. According to the Pycaret results, Light Gradient 
Boosting Machine (LightGBM) model was selected as the best classifier. Due to the imbal- 
anced distribution of tunnel layers, LightGBM performed with five different resampling 
models to obtain the resampling model for the imbalanced distribution of the classes. 


1 INTRODUCTION 


Tunnel boring machine (TBM) excavation performance is reasonably related to tunnel lithology. 
The TBM tunnelling lithology map is prepared by site investigations and geologists’ experience. 
According to the map, a TBM operator monitors operational parameters during the TBM 
advancement (Ayawah et al., 2022). However, unexpected formations can be encountered with 
machine excavation along with the tunnel and inaccurate correspondence between the TBM oper- 
ational parameters and lithology leads to insufficient excavation (Wu et al., 2021). For that 
reason, the machine-ground interaction is a key role in the TBM advancement efficiently. Several 
researches show the estimation of the TBM performance utilizing both lithology information and 
TBM operational parameters (Barton, 2000, Benardos & Kaliampakos, 2004, Bruland, 2000, 
Cardu et al., 2017, Farrokh, 2021, Grima et al., 2000, Ghasemi et al., 2014, Hassanpour et al., 
2014, Kilic et al., 2022, Rostami & Ozdemir, 1993, Roxborough & Phillips, 1975). Under these 
circumstances, the classification of the surrounding lithology of mechanized tunnelling should be 
defined correctly. Therefore, different approaches have been performed to acquire tunnel lith- 
ology identification accurately. Empirical and in-situ investigation methods are commonly used 
for rock-mass classification and detection of tunnel geology formation. The empirical models are 
widely applied in the tunnelling and geotechnics industries. The techniques are rock mass rating 
(RMR) (Bieniawski, 1989), rock structure rating (RSR) (Wickham et al., 1972), Q-system (Barton 
et al., 1974), geological strength index (GSI) (Mark et al., 2007), and continuous rating (Sen & 
Sadagah, 2003). However, empirical models have some shortcomings that are subjective: require 
engineering experience and rock mass properties may not correspond to the aspects of the specific 
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tunnel excavations. On the other hand, the in-situ investigation methods which are known as geo- 
physical methods; geoelectrical imaging (Danielsen & Dahlin, 2009), infrared photography and 
ground penetrating radar (GPR) (Atef et al., 2016), imaging of ground penetration radar (B. Liu 
et al., 2018), and electrical resistivity (Park et al., 2016) are employed for the tunnel lithology and 
face identification. Nevertheless, these geophysical-based techniques cause downtime in tunnel 
excavations and applications of these methods are expensive for construction. Artificial intelli- 
gence models have been implemented to overcome the drawbacks of empirical and geophysical 
models. (Zhang et al., 2019) presented a prediction of geological conditions employing the TBM 
machine dataset using balanced iterative reducing and clustering (BIRCH) and K-means++ to 
decide the rock-mass classes. Nevertheless, the imbalance distribution in the tunnel lithology was 
not considered, and the imbalanced data distribution negatively affected the model precision 
evaluation metric. In addition to these, several researchers (Bo et al., 2022; Chen et al., 2021; 
Datta et al., 2021; Hou et al., 2022) have worked on imbalanced data issues using different 
machine learning models such as regression trees, support vector machines (SVM), gradient 
boosting models and random forest technique. According to previous researches, there is 
a significant relationship between tunnel lithology and the TBM operational parameters. The rela- 
tionship can be a guide to figuring out tunnel lithology identification using TBM parameters. In 
this study, the PyCaret Python automatic machine learning library was used to obtain different 
supervised classifiers based on the 18 EPB TBM operational parameters. Five different resam- 
pling methods (random oversampling, random undersampling, cluster centroid, ADASYN, and 
synthetic minority oversampling technique — edited the nearest neighbour (SMOTE-EEN)) were 
combined with the best classifier to determine a reasonable resampling method for the minority 
class. On the other hand, the PyCaret library provided to work with unseen data to simulate real- 
world conditions. The proposed model can implement with heterogenous and mixed ground tun- 
nelling in case of imbalanced tunnel lithology distribution. The proposed model is easy to apply 
compared to the high number of code line libraries. 


2 LITHOLOGY AND EPB TBM DATA 


2.1 Engineering geology 


The water tunnel consisted of five different lithologies which are crushed stone and sandy 
gravel (BK), gravel mixed-silty sand (VCS), fine-grained sandy gravel and high gravel content 
(VSG and VSG2), and fine-grained pulverized sand (VG). The EPB tunnel advanced along 
with the three main formations which are VCS, VSG, and VG. The entrance shaft was 
Number 1, and its length was 23.35 m; the mid-shaft was Number. 2, its depth was 24.27 m, 
and the reaching shaft was Number 3, and its depth was 21.38 m. Figure 1 shows the location 
of the three main boreholes and main lithologies along with the tunnel excavation. Table 1 
describes the mechanical properties of each layer. 


No.1 No.2 No.3 
El=235.00 m EL=243.00 m £L=240.00m 
DEP.=23.35m DEP.=24.27m DEP.=21.38m 


Figure 1. The tunnel lithology map consists of five main lithologies which are BK; crushed stone and 
sandy gravel, VCS; gravel-mixed silty sand, VSG-VSGz2; fined-grained sandy gravel with high gravel con- 
tent, VG; fined-grained sandy pulverized sand. 


Due to the imbalance of class distribution in tunnel main lithologies, VSG was the majority 
layer whereas VCS was the minority layer along with the tunnel excavation. Table 2 indicates 
the dataset imbalance distribution of the VSG, VCS and VG classes. 
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Table 1. Mechanical properties of the VCS, VSG and VG layers. 


Consolidate Undrained 
Triaxial Test Results 


Soil Elastic Friction 
Borehole Depth Soil Layer Test Module Cohesion Angle 
Number (m) Layers Classes Points (MN/m’) (kN/m?) Angle 
No.1 7.50 Silty clay VCS 6 15.97 16.40 31.04 
10 Sandy silt mixed VCS 5 14.76 21.40 41.37 
with gravel 
No.2 16 Sandy clay VSG 50 83.45 92.10 31.27 
19.50 Silty sand VSG 18 45.20 60.50 23.33 
No.3 11 Silty clay VCS 4 4.37 19.70 27.25 
14.50 Silty gravel VG 34 62.37 2.70 40.44 


Table 2. EPB TBM tunnel lithology imbalance class 
distribution between the number of samples and layers. 


Layers Number of samples 
VSG 498 
VCS 39 
VG 116 


2.2 EPB TBM machine specifications 


The EPB TBM was employed to excavate a microtunnel for water transport in the agricultural 
area. The EPB TBM specifications are indicated in Table 3. 


Table 3. EPB TBM specifications. 


Machine Specifications 


Shield outer diameter (m) 3.12 
Shield length (m) 7.42 
Thrust force (kN/m’) 1342 
Shield jack speed(mm/min) 63 
Torque (kN.m) 886 


During the EPB TBM advancement, 18 different operational parameters were recorded. 
Figure 2(a) demonstrates the operational parameters’ frequency and Figure 2(b) the machine 
torque and mud flow relationship. 

Due to the variation between the machine parameters, min-max normalisation was imple- 
mented to the machine parameters. Utilising min-max normalisation, the input features were 
transformed into 0 and | ranges (Munkhdalai et al., 2019). Equation 1 expresses the min-max 
normalisation. 


X — Xmin 
Xscaled = ————__ (1) 
Xmax — Xmin 


where Xscalea iS the normalised data, x is the raw data, and Xmax and Xin are the maximum and 
minimum values of the dataset, respectively. 
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Figure 2. (a) EPB TBM operational parameters frequency. Due to the different mechanical properties 
of the layers, operational parameters show different variations. (b) In addition to operational parameters, 
the EPB TBM required mud flow during excavation due to soil conditioning. Therefore, the torque of the 
machine showed high values and fluctuations in excavation. 


3 METHODOLOGY 


3.1 Model selection 


Python PyCaret library provided different classifiers based on the evaluation metrics to decide the 
best model. The model comparison was applied depending on the raw data (imbalanced data). 
According to PyCaret’s best model selection function, the light gradient boosting machine 
(LightGBM) classifier indicated strong accuracy, precision, recall, fl-score, Matthew’s correlation 
coefficient and a fast computation time. The LightGBM classifier worked with the five resam- 
pling methods; random oversampling, random undersampling, cluster centroid, SMOTE-ENN, 
and ADASYN to figure out imbalanced class distribution. 


3.2 Light Gradient Boosting Machine (LightGBM) 


According to (Fan et al.,2019), the LightGBM is a gradient learning decision tree supervised 
learning model. The LightGBM works with a histogram-based leaf-wise model to speed up 
the training process while decreasing memory consumption. Equation 2 presents the formula 
of LightGBM. 


N 
f(x) =X fa) (2) 


n=1 


where a combination of the N numbers of regression trees to acquire a probable 


model (f(,fo,.....,fn)- 


3.3 Evaluation metrics 

PyCaret library provided accuracy, precision, recall and fl-score within the best model selec- 
tion function. Owing to the imbalanced issue, accuracy metrics tend to be the majority class. 
Therefore, the model outcome was evaluated using different metrics and the best model was 
chosen based on the fl-score. The accuracy metric is employed to compute the ratio between 
the correctly predicted data points and all the data points in the dataset (Chicco & Jurman, 
2020). Equation 3 indicated the accuracy metric calculated through the confusion matrix. 
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woe TP + TN is 
ccure = 
uracy = Tp 4 TN + FP + FN 


where TP is a true positive, TN is true negative, FP is a false positive, and FN is a false 
negative. 

(Losada et al.,2005) declared that the precision score is defined as how many samples are 
classified as true positive compared to the predicted true positive rules. In addition, a recall 
score indicates how many correct samples are learned and classified. Equations 4 and 5 
express the precision and recall equations respectively. 


TP 


Precision - — = 
recision = 7p} FN (4) 
TP 
Recall = ——__ 
oe" ~ TP + EN g 


According to (Losada et al., 2005), Fl-score is identified as the harmonic mean of precision 
and recall. Equation 6 shows the F1-score formula. 


2.TP 
Fl = 
Score = > TP + FP + FN (6) 


Receiver operating characteristics (ROC) evaluate the classification performance depending 
on the sensitivity and specificity. The performance of the classifier was decided by utilizing the 
area under the ROC curve (AUC) (Vihinen, 2012). 


3.4 Resampling methods 


Due to the imbalanced class distribution of the lithology layers, five different data resampling 
models were implemented with the LightGBM. To decide the best resampling candidate with 
the LightGBM, the most common data resampling methods were worked with LightGBM 
using PyCaret fix imbalance function. The different resampling models were applied by 
employing the PyCaret fix imbalance function. The explanation of the resampling methods is 
in sections 3.4.1 — 3.4.5 in detail respectively. 


3.4.1 Random over sampling 

According to (Mohammed et al.,2020), random sampling is a non-heuristic algorithm. The 
method randomly spreads the samples to the minority target. The method is a good candidate 
if there is not a lot of data to work with. 


3.4.2 Random under sampling 

The random under sampling technique is a non-heuristic algorithm and balances the class dis- 
tributions over eliminating the majority class. The number of majority samples is decreased 
based on the number of minority class instances (Mohammed et al.,2020). 


3.4.3 Cluster centroid 

The cluster centroid is an undersampling method and compared to the random under sam- 
pling, the method applies under sampling by generating centroids based on the K-means clus- 
tering technique (Zhang et al.,2020). 


3.4.4 SMOTE-EEN 

According to (Lin et al.,2021), the SMOTE-ENN method uses over sampling to increase the 
number of the minority class. The SMOTE applies to the minority class using linear interpol- 
ation between neighbouring minority classes. Afterwards, the ENN algorithm eliminates the 
samples which are different from the majority class and focuses on similar clusters. 
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3.4.55 ADASYN 
(He et al., 2008) expressed the adaptive synthetic sampling approach (ADASYN). The 
ADASYN generates data for the minority class based on the learning weight. It provides two 
ways for the data generation; (1) using class imbalance information bias is decreased and, (2) 
adjusting the classification determination boundary in favour of the challenging examples. 
The imbalanced dataset was split into training, test, and unseen in 70%, 30% and 10% 
respectively. The resampling methods were applied to the training dataset using the PyCaret 
fix imbalance function. The PyCaret library provided automatic model hyperparameter 
tuning with random search cross-validation 5 k-fold. The model was evaluated using accuracy, 
precision, recall, ROC curve and Fl-score. Figure 3 indicates the proposed model flowchart. 


Figure 3. LightGBM and resampling model application structure. 


4 RESULTS 


After splitting the dataset as train/test and unseen data, a total number of 196 data were per- 
formed for the test, 457 data were employed for the training, and 73 data were utilized for the 
unseen prediction. PyCaret library provided 14 different model comparisons based on the 
evaluation metrics in a line of code. Figure 4 shows the LightGBM classifier provided the 
strongest results compare to the other supervised classifiers. Owing to the imbalanced data 
classification, the models were sorted depending on the F1 score. 


M AA 


Figure 4. Comparison of supervised classifiers based on the evaluation metrics. 


The LightGBM was integrated into the resampling models using the PyCaret fix imbalance 
set-up function. The LightGBM classifier provided a reasonable outcome for the VSG, VCS 
and VG with the random oversampling method. The overall accuracy of random 
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oversampling was 90%, however, the accuracy metrics caused the over-optimistic results for 
the majority class. Therefore, the reliability of the model was represented by the ROC score, 
F1 score, precision and recall. The random over sampling of the ROC score minority class 
had a high true-positive rate of 99%. The random over sampling microaverage and macro- 
average ROC scores were 98% and 96% respectively. According to Table 4, the random over 
sampling model F1 score of 93.8% for the VSG, 76.5% for the VG, and 84.2% for the VCS 
(minority), and a model precision score of 93.5% for the VSG, 81.2% for the VG, 72.7% for 
the VCS, and recall score of 94.1% for the VSG, 72.2% for the VG, and 100% for the VCS in 
tunnel lithology. On the other hand, the raw dataset split into unseen data (10%) and was 
never exposed to the PyCaret environment. The purpose of the unseen data is to simulate the 
real-world unexpected geology formation during the TBM excavation. Consequently, the pro- 
posed model evaluation metrics and unseen data results were presented in Table 4. 


Table 4. Resampling models evaluation metrics based on LightGBM and unseen data results. *Layers; 
actual, Labels; prediction and Score; model prediction performance. 


LightGBM Accuracy Precision Recall F1 Roc score 
Classifier (%) Layers (%) (%) (%) %) Layers Labels Score 
Imbalanced Data 83.6 VSG 83 97.3 90 95 VCS VCS 0.99 
VG 87.5 43.8 58 90 
VCS 71.4 33.3 45.5 88 
Random over 90.3 VSG 93.5 94.1 93.8 99 VCS VCS 0.99 
sampling VG 81 72.2 76.5 95 
VCS 72.7 100 84.2 94 
Random under 74.4 VSG 92.9 72.8 81.7 97 VSG VSG 0.99 
sampling VG 52.4 76.7 62.3 89 
VCS 40 88.9 55 89 
Cluster centroid 67.3 VSG 88 69 71.4 96 VSG VSG 0.98 
VG 38.9 58 46.7 78 
VCS 32 72.7 444 76 
SMOTE-ENN 84 VSG 93.8 84.7 89 96 VG VG 0.99 
VG 62.7 82 71 93 
VCS 733 84.6 78.6 92 
ADASYN 88 VSG 96.5 89 92.7 99 VG VG 0.98 
VG 64.9 82.8 72.7 95 
VCS 66.7 90.9 76.9 94 


To eliminate the black box issue of the machine learning model and to present the feature import- 
ance of the variables for the model creation, Figure 5 illustrates the vital features of the model. 


Feature Importance Plot 
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Figure 5. EPB TBM important features. Pressure gauge, jack stroke and add mudflow are decisive 
parameters. 
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5 CONCLUSIONS 


The research was sustained based on the 18 EPB TBM operational parameters for water supply 
tunnel in Japan, 14 supervised classifiers were evaluated, and the best model was decided to clas- 
sify tunnel lithologies. The LightGBM classifier integrated with the five resampling models were 
random over sampling, random under sampling, cluster centroid, SMOTE-ENN, and ADASYN. 
The random over sampling with the LightGBM classifier was outperform the other resampling 
models. The best classifier - LightGBM -— presented significant results for each class, especially, 
for the minority class (VCS), with an F1 score of 84.2%, a precision score of 72.7% for the VCS, 
and a recall score of 100% in tunnel lithology. The main advantage of the proposed model is its 
fast computation time, automatic model hyperparameters tuning, several model comparisons with 
different evaluation metrics, and easy-to-apply resampling methods using PyCaret fix imbalance 
function. The proposed model can work under heterogeneous and mixed ground conditions due 
to the figure-out imbalance issue in lithology class distribution. 
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ABSTRACT: The shield tunnel boring machine (TBM) excavation progress in an 
urban area was evaluated by monitoring surface settlements near the tunneling face. 
This study implemented a stage-updated machine learning modeling method to predict 
the TBM operational parameters and corresponding the maximum surface settlements 
around the tunnel alignment before being excavated yet. Five TBM machine control 
parameters, i.e., advance speed, backfill grout injection volume, face pressure, thrust 
force, and cutter torque, were predicted by learning the preceding excavation records. 
Subsequently, the predicted machine parameters were utilized to predict the surface 
settlements in upcoming excavation zones. The settlement database was collected from 
a subway tunnel project in Hong Kong to establish and verify the developed model. 
The maximum surface settlement predicting model was validated at 5 locations, demon- 
strating a root mean squared error of 2.488 mm. 


1 INTRODUCTION 


Rapid urban population growth has increased demand for the TBM-driven tunnel construc- 
tions. The TBMs have exhibited efficient and safe excavations in many major tunneling pro- 
jects (Santos and Celestino, 2008, Ercelebi et al., 2011, Suwansawat and Einstein, 2006), 
where only a small ground disturbance was observed. To ensure safe tunneling, the operators 
control the TBM operational factors based on the geological survey data and their experience 
with previous excavation records. Therefore, the analysis of the TBM operation records 
makes it possible to simulate the decision-making process of TBM operators, which can be 
developed as the autonomous TBM drive system. 

During the tunneling process, the nearby surface settlement feedback is provided to the TBM 
operators to achieve high excavation quality. Many studies have attempted to estimate the tunnel- 
ing induced surface settlements using empirical (Peck, 1969, Attewell, 1978, O’Reilly and New, 
1982), analytical(Loganathan and Poulos, 1998, Verruijt and Booker, 1996, Sagaseta, 1987, Park, 
2004), and numerical methods(Kasper and Meschke, 2004, Chakeri et al., 2013, Dias and Kastner, 
2013). The application of empirical and analytical methods is limited in practice because they were 
developed using outdated tunneling construction records. On the other hand, while the numerical 
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methods can provide accurate surface settlement prediction, the implementation is challenging 
because of the high computational cost. Machine learning-based surface settlement prediction 
models have been widely applicated using various algorithms such as the artificial neural network, 
support vector machine, random forest, and ensemble learning (Suwansawat and Einstein, 2006, 
Zhang et al., 2020, Chen et al., 2019, Dindarloo and Siami-Irdemoosa, 2015, Kim et al., 2001, 
Mahmoodzadeh et al., 2020, Kim et al., 2022). In this study, the surface settlements were predicted 
using a machine learning method, which was then utilized to validate the prediction results of the 
TBM operational factors. 

Similar to the conventional prediction methods, such as the empirical and analytical 
formulae, the aforementioned machine learning-based models were developed based on 
a fixed database, which was gathered after the tunnel projects were completed. There- 
fore, the aforementioned machine learning methods are inapplicable at ongoing tunnel 
sites because several input features (e.g., TBM operational factors) are not available for 
the forward prediction. Site-gathered information from previous excavation records 
should be integrated into the settlement prediction models to provide real-time instruc- 
tions for shield TBM operation and accurate settlement predictions in upcoming tunnel- 
ing sections. In general, three categories of settlement-influencing parameters are 
employed for the machine learning-based prediction models, i.e., the geological and geo- 
technical conditions, tunnel geometry and depth, and TBM operational parameters. 
Whereas the geological and tunnel geometry information can be obtained before begin- 
ning the TBM excavation, the TBM operational parameters should be collected from 
real-time monitoring data. Consequently, considering the site updated TBM operational 
parameters is the key to surface settlement prediction. 

In this study, the TBM operational parameters and corresponding surface settlements 
were predicted using the data collected from the Hong Kong tunnel project. Two 
random forest models were implemented using 466 ring excavation records and 46 max- 
imum surface settlement data. First, five TBM machine control parameters, i.e., advance 
speed, backfill grout injection volume, face pressure, thrust force, and cutter torque, 
were predicted using the ring excavation records. Subsequently, the predicted machine 
parameters were utilized to predict the surface settlements in the upcoming excavation 
zones. The prediction results were evaluated at five different locations to indicate the 
improvement in prediction performance. 


2 METHODOLOGY 


2.1 Random forest algorithm 


Random forest is an ensemble machine learning algorithm capable of both classification and 
regression, which provides the final prediction based on the averaged output of multiple deci- 
sion tree models. Each decision tree structure uses a combination of leaf and branch to repre- 
sent a combination of features that lead to predictions from leaf nodes. During the training 
process, the bagging method iteratively selects n numbers of random samples from the original 
dataset with replacement. Such process creates a diverse range of decision tree models, which 
train random numbers of samples and features, hence increasing a generalization capacity. 
The output labels of the decision tree models are then aggregated for the final prediction of 
the RF model, which is eventually the averaged output. The final output of the random forest 
is expressed in Eq. 1. 


lynn 
y=- Do vs) (1) 

Similar to other machine learning methods, the optimal internal structure values of the 
random forest model, i.e., the hyperparameters, need to be searched. This study considered four 
primary hyperparameters: n_estimators, max_depth, min_samples_split, and min_samples_leaf. 
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The four hyperparameters were tuned using the grid search method listed in Table 1. The fine- 
tuning process of complex hyperparameter combinations increases the computational cost expo- 
nentially. Therefore, the appropriate interval for each hyperparameter search range was deter- 
mined to reduce the computational cost. 


Table 1. Search space of random forest hyperparameters. 


Hyperparameter Role Search space (Interval) 
n_estimators Number of tree models 10 ~ 200 (10) 
max_depth Maximum tree model depth 2 ~ 20 (2) 
min_samples_split Minimum split samples at each node 2~10(2) 
min_samples_leaf Minimum samples in a leaf 1~9(2) 


2.2 Model implementation 


TBM operation prediction and settlement prediction models were developed on the random 
forest framework. The prediction sequence between the two models is summarized in 
Figure 1. The purpose of the first model is to predict TBM operating parameters from the 
accumulated TBM ring excavation records. The TBM operational parameters were predicted 
by learning 466 ring excavation records. The purpose of the second model is to predict the 
maximum surface settlement in the upcoming tunnel sections by taking into account of the 
TBM operation parameters predicted by the first model. The surface settlements were pre- 
dicted using the 46 maximum settlement records and corresponding TBM operation records. 
The prediction performances of the two models were validated at five TBM excavation 
phases. 

In the first model, five operational parameters, i.e., advance speed, backfill grout injection 
volume, face pressure, thrust force, and cutter torque, were predicted with six input features, 
i.e., tunnel depth, ground water table depth, SPT N-value, soil type, pitching and rolling. The 
tunnel ring records accumulated until the validation points were utilized for the model train- 
ing. A single output multivariate random forest model was implemented to predict all five 
output targets. In the subsequent model, the maximum surface settlement was predicted from 
ten input features. All ten input features were available from the excavation records during 
the model training. However, the TBM operation parameters predicted from the first model 
were concatenated with the six known input features to complete the forward prediction 
dataset. 

A k-fold cross-validation method (Stone, 1974) was applied to eliminate overfitting prob- 
lems commonly encountered in small databases. This study divided the training sets into five 
randomly selected subsets. Therefore, the model prediction performances were repeatedly val- 
idated by changing the validation dataset. The prediction performance of training and test 
sets was evaluated by computing the root mean squared errors. 


3 CASE STUDY 


3.1 Tunnel project overview 


The proposed prediction framework was validated with the slurry TBM excavation records of 
the Hong Kong subway tunnel (Kim et al., 2020). In order to simplify the tunneling-induced 
settlement interaction, records from the first driven tunnel were analyzed in this study. The geo- 
logical profile along the tunnel is shown in Figure 2. Different soil layers were encountered 
during the tunnel construction: alluvium, decomposed granite rock, and occasional corestones. 
The first driven tunnel was constructed 10.8-23.7 m below the ground surface, and the ground- 
water table was located 1.57-3.96 m below the ground surface. The standard penetration test 
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Figure 1. Data flow between the two prediction models. 


(SPT) N-values were collected from the tunneling site to represent the geological strength prop- 
erties of excavated soil layers. 

Surface settlements were monitored at the ground surface to monitor the tunneling process. 
Among the large numbers of settlement records collected from the studied site, 46 data were 
measured directly above the centerline of the first-driven tunnel, which can be considered as 
the maximum surface settlements. Among the 46 data, five locations were selected to validate 
the prediction model performance. The maximum surface settlements recorded along the 
tunnel chainage is shown in Figure 3. The locations of the five validation points are also 
shown in Figures 2 and 3. 


Settheenent (men) 


1 — Settlement record 
A Prediction validation points 
99 + 600.00 99+ 700,00 9998000 99 +900.00 100+ 000.00 100+ 10000 100+ 200.00 100+ 30000 


Tunnel chainage (m) 


Figure 3. Maximum surface settlement profile indicating locations of prediction validation points. 
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3.2 Database 


Two databases have been utilized to implement the TBM operation parameters and the cor- 
responding settlement predicting model. 466 TBM ring excavation records ranging between 
tunnel chainage 99+592.5 to 100+290 were collected for the TBM operation parameter predic- 
tion. For the maximum surface settlement prediction, 46 datasets corresponding to the loca- 
tions of the maximum surface settlement monitoring points were collected. The statistical 
details of the data sets, such as the minimum, maximum, and average values, are summarized 
in Table 2. The number of datasets trained at the five validation locations are shown in 
Table 3. 


Table 2. Statistical details of database. 


Features Min. Max. Avg. Unit 
Tunnel depth 10.8 23.7 18.7 m 
Ground water table depth 1.6 3.9 24 m 

SPT N-value 27 200 90.7 - 

Soil layer 1 4 Ze Cat* 
Pitching -32 28 -18.5 mm 
Rolling -11 4 -1.8 mm 
Advance speed 5 45 19.8 mm/min 
Backfill grout volume 2.4 10.8 6.2 m? 
Face pressure 1.6 3.3 2.6 bar 
Thrust force 8933 34148 2077.2 kN 
Cutter torque 0.1 2 0.9 MN'm 
Surface settlement -12 2.2 -4.8 mm 


* Categorical factor (Alluvium — 1, CDG - 2, Corestone — 3, Rock — 4) 


Table 3. Location and number of datasets trained at each validation points. 


Validation points (Progress percentage) Ring records Settlement data 


1 (12%) 68 13 
2 (30%) 168 25 
3 (43%) 242 32 
4 (59%) 331 40 
5 (83%) 466 46 


4 RESULTS AND DISCUSSION 


4.1 TBM operation parameter prediction 


The five TBM operation parameters were predicted at the five validation points, as demon- 
strated in Figure 4. Different levels of TBM operation values were applied across the five val- 
idation locations due to the diverging geological and geometrical excavation conditions. 
Nevertheless, the random forest model successfully predicted both increasing and decreasing 
trends observed in the TBM control parameters. In general, the results of the operation par- 
ameter prediction were well matched at all five validation points. The root mean squared 
errors of advance speed, backfill grout volume, cutter torque, face pressure, and thrust force 
were 3.114 mm/min, 1.175 mî, 1.239 MN-m, 1.272 bar, and 1384.93 kN, respectively. 


4.2 Maximum surface settlement prediction 


Using the five TBM operation parameters predicted in the preceding model, the maximum 
surface settlement in the upcoming excavation zone was predicted by integrating the operation 
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Figure 4. Prediction results of five operational parameters; (a) advance speed, (b) backfill grout volume, 
(c) cutter torque, (d) face pressure, (d) thrust force. 


prediction result with geological and geometrical data, as shown in Figure 5. The random 
forest model achieved the high prediction accuracy of 2.488 mm root mean squared error 
across the five validation points. However, except for the first validation point, the random 
forest model underestimated the maximum settlement in comparison with the actual record. 
This was due to the continuously decreasing settlement trend of the tunnel site, which eventu- 
ally shifted to the ground heaving at the last two validation points. Despite a lack of heaving 
records in the training data, the model successfully predicted the diverging settlement levels, 
indicating the possibility of accurately predicting heaving modes given enough training data. 


a 
£ Heaving 
= 0 
£ Settlement 
Q 
5 3 
> 
A 
2 -10 -$ Actual 
€ Root Mean Squared Error = 2.488 mm | —a&— Prediction 
3 -15 — : 
0 10 20 30 40 50 60 70 80 90 


Tunncling progress (%) 
Figure 5. Maximum surface settlement prediction results at five validation points. 
5 CONCLUSION 


This study proposed a machine learning-based TBM operation and corresponding surface 
settlement prediction models. Unlike previously proposed methods, the suggested framework 
can predict settlements in upcoming excavation zones using two distinct random forest 
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models. The five main TBM operational parameters were predicted using 466 ring excavation 
records. Subsequently, the maximum surface settlement was predicted using the 46 settlement 
datasets, which integrated the prediction result of five TBM operation parameters. The predic- 
tion performance of the proposed method was validated at five validation locations along the 
tunnel alignment. Based on the results of this study, the following conclusions were drawn. 


1) The random forest models successfully forecasted the TBM operation parameters and the 
maximum surface settlements. The root mean squared errors of advance speed, backfill 
grout volume, face pressure, thrust force, cutter torque, and maximum surface settlements 
were 3.114 mm/min, 1.175 m°, 1.239 MN-m, 1.272 bar, 1384.93 kN, and 2.488 mm 
respectively. 

2) Despite the altering excavation conditions along the tunnel alignment, the TBM operation 
parameters were well predicted. Both increasing and decreasing trends of operation values 
(i.e., advance speed, cutter torque, face pressure, and thrust force) were accurately 
predicted. 

3) To evaluate the applicability of the proposed method to an actual tunnel site, prediction 
performances were examined at the five validation locations along the tunneling alignment. 
Consistent prediction results across the five validation locations demonstrated the high 
reliability of the proposed models. 
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ABSTRACT: One of the most crucial factors influencing the excavation speed of TBM tunnels 
is rock strength. Laboratory tests in geotechnical investigations can determine rock strength, but 
determining the UCS for the entire TBM excavation section is impossible. To apply the appropri- 
ate operation parameters during TBM excavation, determining the rock strength that affects the 
excavation speed is essential. Therefore, the objective of this study is to estimate rock strength 
using machine data obtained during TBM excavation. The slurry shield TBM excavation of the 
rock strata provided the TBM machine data and the UCS required for the analysis. The data 
were split in a ratio of 7:3 for training and testing, pre-processed with scaling, and outlier removal. 
According to the findings, the Adaboost model is inferred to be the most accurate at predicting 
UCS from TBM excavation data, with root-mean-square error and determination coefficient 
values of 5.14 and 0.96, respectively. 


1 INTRODUCTION 


Several models have been presented to forecast TBM performance, which is a crucial aspect in 
predicting the total TBM construction period and cost. The penetration rate (PR) and field pene- 
tration index (FPI) are representative indices of the TBM excavation performance. A theoretical 
CSM model (Rostami & Ozdemir 1993, Rostami 1997) based on the individual disc cutter loads 
and an empirical NTNU model (Bruland 1998, Macias 2016) based on TBM field cases are 
examples of representative models that may be used to predict TBM performance. There are also 
Gehring (Gehring 1995), QTBM (Barton 1999), and RME models (Bieniawski et al. 2006). 

The excavation performance of the shield TBM is impacted not only by the TBM equip- 
ment, operator skill, on-site management system, logistics, and maintenance but also by 
ground conditions, such as rock strength and degree of fracturing have a considerable influ- 
ence. Lee et al. (2016) examined the frequency of significant influencing factors by analyzing 
the input and output elements of the TBM performance prediction model (Table 1). The uni- 
axial compressive strength (UCS) of rocks is the most frequently used input component. This 
shows that the UCS is the most significant component and that it is also widely used as 
a factor that field staff can easily access. Although the UCS is an important factor in deter- 
mining the TBM performance, it can be obtained through laboratory tests during geotechnical 
investigation but determining the UCS for the entire TBM excavation section is impossible. 

Therefore, in this study, we used machine data generated during TBM excavation and 
machine learning techniques based on a regression model to predict the UCS in real time 
during excavation. This will assist the TBM operator in maintaining equipment control while 
the TBM is excavating the rock section, and it will be helpful for studying on auto-steering 
with the optimization analysis of excavation performance prediction modeling. 
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Table 1. Frequency of input parameter for TBM performance prediction (Lee et al. 2016). 


Rank Input parameters Frequency 
1 Uniaxial compressive strength 24 
2 Joint spacing 13 
3 Angle between plane of weakness and TBM-driven direction 11 
4 Brittleness index 10 
5 Rock quality designation (RQD) 6 


2 THEORETICAL BACKGROUND 


2.1 Uniaxial compressive strength and field penetration index 


The uniaxial compressive strength of rocks, which can be obtained through laboratory tests 
by collecting specimens through boring in the geotechnical investigation stage, is an important 
factor in the design and construction of tunnels and underground spaces. As mentioned 
above, the condition of the rock during the excavation of the shield TBM is closely related to 
the excavation performance, but there is a limit to obtaining the UCS in a limited manner 
during the geotechnical investigation, and there is also uncertainty in the condition of the rock 
for the section between the boreholes. 

Wu et al. (2019) proposed a predictive model of the UCS using TBM parameters, including 
torque, penetration, cutter number, and cutter diameter. The expression of the relation 
between the UCS, torque, penetration, cutter number, and cutter diameter of the TBM can be 
rewritten as follows: 


T9536 


UCS = 14.73 4 (1) 
NPD y 


where UCS is the uniaxial compressive strength of the rocks in MPa, Tp is the torque of the 
TBM cutter head in kN-m, N, is the number of disc cutters, P is the penetration in mm/rev, 
and Drgm denotes the cutterhead diameter of the TBM in m. 

As most TBM projects use TBM with the similar diameter and number of disk cutters, 
torque and penetration are the factors that have the greatest influence on actual UCS predic- 
tion. In addition, because this model mainly used data from the open TBM site, there is 
a limit to its application in shield TBM with face pressure. 

The relation between shield TBM excavation performance and rock strength can be 
explained using the field penetration index (FPI). FPI is generally used to describe the per- 
formance of cuttability in the rock, and when applied to the shield TBM, it can be defined as 
a function of the disc cutter load and penetration, as shown in Equation (2). 


Fy 
FPI = — 2 
a 0) 


where Fy is the thrust per TBM cutter in kN/cutter, P is the penetration in mm/rev. 
Hamidi and Bejari (2013) demonstrated that the UCS and FPI have a linear relation (Figure 1). 


2.2 Machine learning 


Machine learning and deep learning are actively used in several fields of artificial intelligence, 
and academically, deep learning is a type of machine learning. Machine learning can be classi- 
fied into three categories: supervised learning, unsupervised learning, and reinforcement learn- 
ing. Appropriate machine learning techniques should be applied according to the purpose. 

As supervised learning is used in various methods such as classification and regression as 
a method of providing input and result values together and learning, regression analysis, 
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Figure 1. Correlation between FPI and UCS (Hamidi and Bejari 2013). 


which is a field of supervised learning, was used in this study. Deep learning is a black box 
form that makes it difficult to understand how a model produces results, so it is not suitable if 
an explanation of the results is needed, and it takes considerable time to produce results; 
therefore, it was excluded from the analysis technique of this study. 

In this study, a comparative evaluation was performed using several regression models, and 
the outline of each regression model is presented in Table 2. 


Table 2. Summary of the machine learning models used in this study (Kim et al., 2020). 


Regression model Description 
1 Linear Multiple linear regression 
2 Ridge L2 regularization 
3 Lasso L1 regularization 
4 Elastic Net L1 & L2 regularization 
5 Support Vector Regression RBF kernel 
6 Decision Tree Decision nodes 
7 K-Nearest Neighbor Distance metric 
8 Random Forest Ensemble learning with decision tree 
9 XGBoost (eXtra Gradient Boosting) Ensemble learning with boosting 
10 Gradient Boosting Ensemble learning with boosting 
11 AdaBoost Ensemble learning with boosting 


3 DATA ANALYSIS 


3.1 Project site and TBM description 


Figure 2 shows a schematic of the geological conditions of the slurry shield TBM site used in 
this study. Most of the tunnel sections were composed of granite, and although they were div- 
ided into zones A and B, two slurry shield TBMs with the same specifications were used. The 
specifications of the shield TBM used are listed in Table 3. 


Figure 2. Geological strata of the TBM tunneling site. 
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Table 3. Summary of slurry TBM specification. 


Parameter Value 
TBM type Slurry 
TBM outside diameter (mm) 6,900 
TBM length (mm) 11,650 
Max. shield jack thrust force (kN) 51,200 
Max. cutterhead torque (kN-m) 6,250 
Max. RPM 6 


Section A has a total length of 3.16 km, of which the granite section is 2.72 km, and Section 
B has a total length of 2.23 km, of which the granite section is 2.21 km. The overburden was 
between 30 and 60 m, the groundwater level was 5 m below the surface, and the water pressure 
acting on the TBM was between 4 and 6 bar. 

Machine data can be extracted from shield TBM in various forms depending on the purpose 
of collection. In this study, among the generated shield TBM data, logged data at intervals of 
approximately 5 min were used, and only the actual TBM in the excavation mode was 
extracted and used as an input value for modeling. Only the machine data corresponding to 
the segmental ring wherein the UCS value exists was used, and the length of one ring was 
1.4 m. A total of 40 UCS values obtained in the field were used as the output values of the 
model, and during segment one ring excavation, it was assumed that the UCS had a normal 
distribution with a mean and standard deviation of 10%. 


3.2 Machine learning regression technique 


Among the supervised learning techniques of machine learning, an algorithm for regression 
analysis was used, and the analysis was performed using Google Colab. The regression ana- 
lysis was performed as follows. 

First, after data collection, the data should be divided into analysis and test data. A ratio of 
7:3 was used herein. 

Second, the preprocessing process is an important part of the application of machine learn- 
ing techniques. In this study, based on the features of more than 2000 TBM machine data, the 
cutterhead torque, cutterhead rotational speed, thrust per disc cutter, face pressure, penetra- 
tion, and FPI were determined as six features. Figure 3 shows the correlation between the 
determined six features and UCS. 
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Figure 3. Correlation analysis results with TBM features and UCS. 
Third, outliers were removed based on detailed specifications of the TBM equipment. This 
is a step wherein the TBM cannot perform realistically, and it is a step to remove the logged 


values owing to sensor abnormalities 
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Fourth, standardization was applied to unify the scale of all values with a mean of 0 and 
variance of | after removing outliers. This is a necessary step because the scale of the features 
is very different. 

Finally, it trains through the 11 models in Table 2, and in the model evaluation, the root- 
mean-squared error (RMSE), which puts the root on the error value to prevent it from 
becoming larger than the actual error value, and the coefficient of determination (R°) to 
evaluate prediction performance based on variance was used. 


4 RESULTS 


Before comparing the performances of the 11 models learned in this study, we first analyzed 
the multiple linear regression model. 

In general, the variance inflation factors (VIF), which express multicollinearity, that is, the 
correlation between independent variables, should be less than 10 (Hair et al., 1995). Accord- 
ing to Table 4, because the variance expansion factor of the six independent variables is less 
than 10, it does not violate the multicollinearity criterion; thus, it can be confirmed that the 
correlation between the factors is low. 

Table 5 and Figure 4 show the results of the analysis based on the RMSE and R°? using the 
11 selected regression models. Because the RMSE represents an error value, it means that the 
lower the value, the smaller the error. 

The models of the multiple linear regression series have an RMSE value of 20.61 to 21.31, 
and the coefficient of determination is also less than 0.5, making it difficult to say that the 
model prediction is good. From the results of using the data for tests that were not used in 
model learning, it can be observed that the prediction was not good. 

Compared whit the multiple linear regression model, the Ensemble series has a significantly 
lower RMSE of 5.14-8.43 compared to the multiple linear regression model, and the coefficient 


Table 4. Summary of the VIF factors of multiple 
linear regression model. 


Features VIF Factors 


Cutter head torque 1.43 
Cutter head rotational speed 1.61 
Thrust per disc cutter 2.80 
Face pressure 1.34 
Penetration 2.91 
FPI 3.16 


Table 5. Results of regression modeling evaluation. 


Training Test 

Regression model RMSE R? RMSE R? 

Linear 20.61 0.35 21.17 0.38 
Ridge 20.87 0.36 20.32 0.37 
Lasso 21.01 0.35 20.44 0.37 
Elastic Net 21.31 0.34 20.63 0.36 
Support Vector Regression 17.89 0.51 18.93 0.51 
Decision Tree 11.40 0.80 13.62 0.74 
K-Nearest Neighbor 17 0.91 14.18 0.72 
Random Forest 11.89 0.78 14.02 0.73 
XGBoost 6.38 0.94 13.26 0.76 
Gradient Boosting 8.43 0.89 12.95 0.77 
AdaBoost 5.14 0.96 12.70 0.78 
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Figure 4. Results of comparison between the test UCS and predicted UCS for the Adaboost model. 


of determination of the models was also greater than 0.9. As can be seen from the analysis 
result, the ensemble learning with boosting model has a slightly higher level of prediction than 
other models, so the Adaboost model is most suitable for predicting UCS. 


5 CONCLUSION 


In this study, the most representative UCS used to derive the TBM performance was predicted 
by analyzing the shield TBM machine data. To predict the UCS, regression analysis tech- 
niques of machine learning were used, and the application process was established. In add- 
ition, a model with the best prediction was proposed through comparative evaluation of 
several algorithms. The conclusions and summary of this process are as follows. 


1) The models of the multiple linear regression series have an RMSE value in the range 
20.61-21.31, and the coefficient of determination is less than 0.5, indicating that the model 
prediction is unacceptable. 

2) Compared with the multiple linear regression model, the Ensemble series has a significantly 
lower RMSE in the range 5.14-8.43 compared to the multiple linear regression model, and the 
coefficient of determination of the models is also greater than 0.9. Finally, the Adaboost model 
is most suitable for predicting UCS with RMSE and R? values of 5.14 and 0.96, respectively. 

3) Through the prediction model proposed herein, it is inferred that UCS prediction is pos- 
sible with real-time machine data of shield TBM excavating rocks. 
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ABSTRACT: Tunnels offer efficient transportation infrastructure in urban areas such as the 
Grand Paris Express in France. In urban areas, a densely built environment is exposed to the 
surface settlements caused by tunneling, and consequently, vulnerable buildings and infrastruc- 
ture can be damaged. To mitigate this risk, the tunneling process is designed such that the sur- 
face settlements remain below a given threshold. Many numerical methods have been developed 
and are commonly used to simulate the surface settlements induced by a tunnel boring machine 
(TBM). In this paper, the first objective is to present the state of the art of TBM excavation 3D 
finite element (FE) modeling. From this literature review, each modeling approach is compared 
with respect to defining the geometry, meshing, setting the boundary conditions, and imple- 
menting TBM excavation parameters. Also, many simulations must be run to validate the mod- 
eling assumptions, calibrate the model using sensor data, and account for uncertainties in the 
boundary conditions, soil properties, and tunneling process. The second objective of this review 
of the literature thus is to identify the driving instruction parameters that impact settlements 
and methods to implement them in a 3D finite element model. 


1 INTRODUCTION 


The construction of underground tunnels in urban areas requires excavation works that 
induce surface settlements. In a densely built environment, Fargnoli et al. (2015) point out 
that vulnerable structures such as residential buildings, cultural heritage monuments, and 
underground services are exposed to surface settlements and may be damaged. Engineers 
make a first estimation of the settlement distribution with empirical and analytical methods. 
Then soil-structure interaction studies are run to evaluate the built environment’s vulnerability 
to ground movements induced by tunneling. Nevertheless, the empirically and analytically 
predicted settlement curves tend to be shallower and wider than those obtained with field 
observations, according to Cheng et al. (2007). 

Although tunnel boring machine (TBM) technology has significantly reduced surface settle- 
ments in urban areas (Meschke et al. (2011)), significant ground movements can still be 


DOI: 10.1201/9781003348030-332 


2757 


induced by a number of factors such as over-excavation, TBM shield conicity, the annular 
void behind the tail, mortar behavior, TBM guidance, ground losses at tunnel face, TBM 
stops for maintenance and working shifts, and excavation under challenging conditions as pre- 
sented in Lambrughi et al. (2012). To ensure safety during shallower excavation work, sensors 
are installed to monitor real-time displacements induced by the TBM. 

FE with 2D plane strain assumption is commonly used to simulate the surface settlements 
induced by a TBM and to investigate potential damage to surface buildings. TBM excavation 
has been studied through the longitudinal but mainly transversal section of the tunnel axis. Dif- 
ferent 2D numerical approaches based on the force control method (FCM) or the displacement 
control method (DCM) have been developed to represent each stage of a tunneling process: 


1. Soil excavation, 

2. Temporary support provided by the TBM shield to maintain the excavated soil wall, 
3. Grout injection to fill the annular void between the TBM tail and the lining, 

4. Lining installation and grout hardening. 


Nevertheless, 2D Numerical models do not represent the 3D reality of the problem. Differ- 
ent studies that compare 2D and 3D models show that 3D models tend to bring more infor- 
mation such as the behavior of the excavation front, 3D surface settlements, longitudinal 
settlements through the tunnel axis, intermediate stress, and displacement states. Besides, spa- 
tial variability, non-linear soil properties, and complex interactions between the different 
materials involved in the excavation process (soil, TBM, lining, mortar, and adjacent struc- 
tures) are reasons why many authors have used sophisticated constitutive models: Cheng et al. 
(2007), Kasper & Meschke (2006b), Kavvadas et al. (2017), Lambrughi et al. (2012), and Och- 
manski et al. (2018). 

To reliably estimate surface settlements during the tunnel construction process, the 3D FE 
model must be calibrated and validated with monitoring data. Sensitivity analysis (Kasper & 
Meschke (2006a, 2004), Lambrughi et al. (2012), Melis et al. (2002), Namazi et al. (2012)) 
paired with back analysis (Zhao et al. (2015)) can be performed to calibrate the uncertain 
model parameters as the geological ones. 

In this perspective, the first objective of this paper is to present the state of the art of tunnel- 
ing process 3D numerical modeling in the specific context where (i) the tunneling process 
takes place in an urban area, (ii) the TBM digs in soft ground and (iii) the tunnel is in shallow 
ground. The second objective is to identify and implement the TBM driving parameters that 
can be explicitly introduced and controlled in the 3D numerical simulations. 


2 ARTICLES DATABASE CONSTITUTION 


We selected a set of 78 articles (available at shorturl.at/fJPU9) with the following research per- 
spectives in mind: How to build a 3D numerical model of the TBM excavation process that: 


1. Achieves balance between accuracy and calculation time 

2. Integrates TBM driving parameters 

3. Uses scripts to automate the model and make it parametric 

4. Incorporates monitoring points and sections to run back analysis with field data. 


These 78 papers were selected mainly by using online sources such as ScienceDirect, 
ResearchGate, HAL, ICE Virtual Library, SpringLink, ASCE Library, and Academia. “TBM”, 
“EPB”, “Settlements”, “Prediction”, “Parametric”, “FEM”, “Monitoring”, “Mechanized Tun- 
neling”, “Numerical modeling”, “Ground Movements”, “Three-Dimensional” are keywords 
employed. 55 of the models presented in the selected papers are based on the finite element 
method (FEM), 21 on the finite difference method (FDM), 1 on the discrete element method, 
and 2 on other methods. For the 3D simulation of TBM excavation, the computer programs 
used are PLAXIS3D, CESAR-LCPC, FLAC3D, ABAQUS, MIDAS GTS, KRATOS, and 
others. Among these 78 papers, 40 were selected for in-depth analysis. The selection was made 
according to the number of quotes, the publication date, and the method used to simulate the 
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excavation process. These 40 articles have an average quote per article of 63.9 compared to 
59.96 in the 78 articles database. They were published between 2002 and 2022, and the FEM is 
mainly used to simulate the tunneling process (in 34 papers), while the FDM is used in the other 
papers. A total of 42 TBM excavation models are presented in these 40 papers. 


3 MODELING TBM EXCAVATION WITH 3D FEM 


3.1 Geometry 


To build a 3D TBM excavation numerical model, model dimensions must be large enough to 
avoid boundary effects. In the papers analyzed, different recommendations are made to estab- 
lish the minimum size of the model (half-width, length, height) as a function of the depth H, 
and diameter D, of the tunnel: 


¢ (3H, 5H,, 3H,) in Ochmanski et al. (2018) 
°. (A,+4D,, H,+4D,, 3H,)in Lambrughi et al. (2012) and Nematollahi & Dias (2019) 


To avoid boundary effects at the bottom, an average distance of 4D, between the model 
basis and the tunnel axis has been established. 29 of the 42 models studied use symmetries 
with respect to the vertical plane that contains the tunnel axis. This assumption is however 
generally not verified because there is no symmetry in the surface buildings and because of 
geological heterogeneity. 


3.2 Step-by-Step procedure 


First, the initial soil stress state is established. The vertical earth pressure is calculated by using 
the ground weight in saturated or unsaturated conditions. Then, lateral earth pressure is 
obtained by multiplying the vertical earth pressure by the earth pressure coefficient Ko. Its value 
depends on the soil behavior. When the soil stress state is assumed as isotropic, Kọ = 1. In an 
over-consolidated soil, a mechanism detected mainly in clay formations, Kọ > 1. Ko can also be 
anisotropic in a horizontal plane as in Liu et al. (2008) to represent tectonic stresses. To estimate 
Ko in granular soils, Nikakhtar et al. (2022) and Oh & Ziegler (2014) calculate Kọ as 
Ko = 1 — sin(¢) where ¢ is the internal friction angle. For cohesive soils, Losacco & Viggiani 
(2019) and Miliziano & Lillis (2019) use Kọ = (1 — sin(@)) x OCR") introducing the overcon- 
solidation ratio OCR. At the end of this step, the displacement is generally reset to zero. 

In the 42 numerical models we analyzed, a quasi-static approach is adopted where the TBM 
excavation process is simulated following a step-by-step procedure: 


1. Soil excavation by deactivating a soil slice (generally the length of a lining ring). To initiate 
the process, the length of this slice is taken as equal to or greater than the length of the 
TBM shield by Fargnoli et al. (2015), Liu et al. (2008), Migliazza et al. (2009), Mirhabibi & 
Soroush (2013), Namazi et al. (2012), Rachdi (2019), Muhammed et al. (2019), Zhang et al. 
(2016) 

. Translation of the TBM shield with temporary support of the excavated surrounding soil 

. Grout injection to fill the annular void between the TBM tail and the lining 

. Lining installation 

. Grout hardening 


AB WN 


In half of the models studied, the step-by-step procedure ends before the TBM reaches the 
longitudinal model limit. This impacts the calculation time and also avoids boundary effects. 
In 11 models, we noticed that the distance between the last slice of soil excavated and the lon- 
gitudinal limit is approximately equal to 3D, or H,. Another way to avoid any boundary 
effects as the TBM enters or leaves the model is to consider monitoring points away from hte 
longitudinal limits as in Kasper & Meschke (2006b), Melis et al. (2002), Meschke et al. (2011), 
and Miliziano & Lillis (2019). In Miliziano & Lillis (2019), it is recommended to place dis- 
placement monitoring points at a distance of 7D, from the TBM entry longitudinal section 
and 13D, to the opposite section. 
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3.3 TBM parameters in the model 


To properly simulate the TBM excavation process, it is essential to integrate the TBM driving 
parameters into the model. 


3.3.1 TBM, mortar, and lining models 

The main components involved in a TBM excavation process are the soil layers, TBM struc- 
ture, lining, and grout. Different options have been adopted to model those pieces: deformable 
materials, rigid bodies (undeformable elements), and “fictive” representation. For deformable 
materials, except for soil layers where more complex behavior is considered, the mechanical 
behavior is mostly explained by an isotropic homogeneous elastic law. 


3.3.2 Face pressure 

During tunneling, the TBM shield maintains the excavation face under pressure to prevent the 
soil from collapsing on the cutterhead. In soft ground, this phenomenon can significantly 
impact surface settlements (Kasper & Meschke (2006a), Lambrughi et al. (2012)). Different 
TBM technologies have been developed to pressurize the soil. Slurry TBM injects a mixture of 
soil materials and slurry into the excavated chamber to stabilize the front. Earth pressure bal- 
ance (EPB) TBM keep the excavated soil in the excavated chamber to pressurize the front. In 
most papers, the front pressure is simulated by a horizontal load at the interface between the 
TBM and the excavated soil. Even if the effective state stress is considered in the soil, the pres- 
sure applied on the excavated face corresponds to the total stress (Losacco & Viggiani (2019), 
Meschke et al. (2011), Ochmanski et al. (2018, 2020)). To represent vertical variation, hydro- 
static distribution is considered for the face pressure: p(z) = a(z) + Koyz with o,(z) the hori- 
zontal total stress at the depth level, y the excavated soil weight, and Kọ the coefficient of earth 
pressure. TBM data recording during tunneling operation sometimes show that the face pres- 
sure does not increase systematically linearly with depth (Lambrughi et al. (2012)). A uniform 
distribution can be justified in some specific cases: Founta et al. (2013), Lambrughi et al. 
(2012), Migliazza et al. (2009), Mirhabibi & Soroush (2013), and Nikakhtar et al. (2022). 
Jenck & Dias (2004) do not simulate the front pressure but block the horizontal displacements 
of the excavation face in the FE model. 


3.3.3 Conicity and overcut 

The TBM shield shape is conical to reduce the friction between the TBM shield and the sur- 
rounding soil. Kasper & Meschke (2006b) and Lambrughi et al. (2012) show that the voids 
induced by the conical shape and the consideration of overcutting have an impact on the sur- 
rounding soil displacements. The shield conicity has been explicitly modeled by Broere & 
Brinkgreve (2002), Kasper & Meschke (2006a, 2006b, 2004), Kavvadas et al. (2017), Losacco 
& Viggiani (2019), Melis et al. (2002), and Miliziano & Lillis (2019). When the TBM is not 
physically modeled, the conicity can be implemented by a “fictitious” law on displacements 
(Dias & Kastner (2013), Zhang et al. (2016)) or forces (Michalski et al. (2011)), or simulated 
by a volumetric material filling the space between the surrounding soil and the TBM (Lam- 
brughi et al. (2012)). 


3.3.4 TBM jack forces 

Thrust jacks ensure the advance and guidance of the TBM shield. To study their impact on 
the surrounding soil, Barla et al. (2011), Dias & Kastner (2013), Founta et al. (2013), Nema- 
tollahi & Dias (2019), and Ochmanski et al. (2018, 2020) have modeled jacks as horizontal 
forces or loads in the direction opposite to that of the TBM. These forces are applied on 
nodes located at the circumferential interface that separates the tail and the last lining ring. 


3.3.5 Grout injection 

Pressurized grout fills the annular void between the TBM tail and the lining as well as it sup- 
ports the wall of excavated soil and reduces surface settlements. One approach to model it 
consists in applying a surface load along the tunnel circumference. This stress is activated 
a few meters after the TBM tail and before the beginning of the grout consolidation 
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phenomenon (Broere & Brinkgreve (2002), Fargnoli et al. (2015), Litsas et al. (2015), Liu et al. 
(2017), Losacco & Viggiani (2019), Mirhabibi & Soroush (2013), Nematollahi & Dias (2019), 
Nikakhtar et al. (2022), Ochmanski et al. (2018), Rachdi (2019), Zhang et al. (2016)). Another 
method consists in activating a volume material between the excavated soil and the lining with 
an internal pore pressure to simulate the injected pressure (Afifipour et al. (2011), Kasper & 
Meschke (2006a, 2006b, 2004), Kavvadas et al. (2017)). To consider the grout weight and to 
balance the increase of the stresses of the surrounding soil with the depth, a linear variation of 
the grouting pressure is introduced in 14 of the 42 models studied. Instead of hydrostatic dis- 
tribution, a uniform distribution has been adopted by Afifipour et al. (2011), Fargnoli et al. 
(2015), Founta et al. (2013), Kavvadas et al. (2017), Lambrughi et al. (2012), Litsas et al. 
(2015, 2017), Losacco & Viggiani (2019), Mirhabibi & Soroush (2013), Mohammadzadeh 
et al. (2021), Nikakhtar et al. (2022). 


3.3.6 Grout consolidation 

Two mechanical behaviors of the grout can be considered in a model of TBM excavation. The 
first one is a liquid phase under pressure. The second one is a solid material without internal 
pore pressure characteristics. The further the TBM is away from the grout, the more consoli- 
dated the grout is. In a majority of the models we analyzed, this consolidation phenomenon is 
simulated as a time-dependent process. In 15 of these models, the hardening process is spread 
over several stages. The grout Young modulus increases and the Poisson ratio decreases while 
it consolidates. The number of hardening steps involved in this process depends on certain 
model parameters. TBM stops for maintenance, working swap, or lining installation, and the 
TBM velocity significantly impacts the consolidation duration (Kasper & Meschke (2006b), 
Lambrughi et al. (2012), and Meschke et al. (2011)). To implement the TBM velocity V4, the 
grout hardening duration fhardening, and the TBM stop duration tstop in the quasi-static model, 


a formula to calculate the number of steps Npardening involved in the hardening process has 


Va hardening tso) With lstep the length of a slice of excavated soil. This 


Istep 


been established: Npardening = 


process can also be simulated in two stages as in Dias & Kastner (2013), Lambrughi et al. 
(2012), Melis et al. (2002), Nematollahi & Dias (2019). First, the liquid grout is activated. 
Then, the mechanical properties of liquid grout change immediately for those of solid mortar. 


3.3.7 TBM weight 

Even if the TBM weight seems to have a small impact on the surface settlements compared to 
other parameters according to Kasper & Meschke (2006a), different ways to consider it in the 
numerical model have been studied. In cases where the TBM shield is modeled by surface or 
volume components, a suitable density of TBM elements was considered by many authors. The 
weight of the shield, the excavated chamber, and the equipment must be considered. Otherwise, 
a vertical load is applied along the wall of the excavated soil. To simulate the influence of the 
TBM backup train, an appropriate vertical load is applied to the lining (Broere & Brinkgreve 
(2002), Kasper & Meschke (2006a, 2006b, 2004), Melis et al. (2002), and Meschke et al. (2011)). 


3.3.8 Lining joints 

A few previous studies, Dias & Kastner (2013), Losacco & Viggiani (2019), and Ochmanski 
et al. (2018), have revealed that the consideration of joints in the mechanical behavior of the 
concrete lining does not significantly affect the ground displacements predicted by FEM simu- 
lation. Nevertheless, to evaluate the strain and the intern stresses in the lining, the joint pat- 
terns between longitudinal rings and between ring segments have to be taken into account. 
The major effect of joints is a reduction of the concrete lining stiffness (Ochmanski et al. 
(2018, 2020), Rachdi (2019)). More complex joint models were developed by Dias & Kastner 
(2013), Kavvadas et al. (2017), Litsas et al. (2015) to evaluate the response of the actual lining 
mechanical structure to the tunneling process. 


3.3.9 Interactions between elements 

In FE models, contacts are considered through interface relationships. To simulate the normal 
contact between two different parts, exponential “softened” pressure-overclosure (Kavvadas 
et al. (2017), Litsas et al. (2015, 2017), Losacco & Viggiani (2019)), hard contact (Litsas et al. 
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(2015), Melis et al. (2002), Ochmanski et al. (2018, 2020)), and the relationship established by 
Laursen have been observed in many papers (Meschke et al. (2011)). Exponential “softened” 
pressure-overclosure and hard contact are mechanical rules introduced in the ABAQUS FEM 
software. The “soft” exponential contact law needs to be calibrated, but it does not show any 
errors (Litsas et al. (2015)). On the contrary, the “hard contact law” does not require calibra- 
tion but it is often the source of computational errors during FE simulation. Otherwise, the 
friction phenomenon is taken into account as a tangential contact relationship between two 
independent objects. In the 40 papers analyzed, the Mohr-Coulomb in Barla et al. (2011), 
Kasper & Meschke (2006a, 2006b, 2004), and Herzog in Ochmanski et al. (2018, 2020), behav- 
ior are the most common friction models. In some papers, Litsas et al. (2015) and Losacco & 
Viggiani (2019), the interface between the TBM shield and the surrounding soil is considered 
lubricated, and the contact is therefore assumed to be frictionless. 


3.4 Soil model 


3.4.1 Mechanical behavior 

The prediction of the surface settlements induced by the tunneling process depends signifi- 
cantly on the mechanical behavior of the soil. The more complex the soil model, the closer the 
prediction of the shape and maximum value of surface displacements is to the field data 
(Cheng et al.(2007), Jenck & Dias (2004), Lambrughi et al. (2012)). Nevertheless, complex soil 
behavior induces high computational time (Melis et al. (2002), Migliazza et al. (2009)), and 
high laboratory costs (Zhao et al. (2015)), due to a large number of parameters to be deter- 
mined. Table 1 compares soil models found in the literature. 


Table 1. State of knowledge on the mechanical behavior of soils used in FEM simulation of tunneling. 


Soil Model Behavior Complexity Soil type NboPar* NbPap** 
Mohr-Coulomb (MC) Non-linear + - 4 19 
Drucker-Prager (DP) Non-linear + - 5 2 
Cap Yield Soil (CPSoil) Non-linear FF - 10 2 
Hypoplastic a@ Non-linear +F Granular 8 5 
Hypoplastic © Non-linear FF: Cohesive 5 3 
Hypoplastic a? +1SC® Non-linear FPE Granular 13 5 
Hypoplastic b®+ISC® Non-linear HEt Cohesive 11 3 
Modified Cam Clay Non-linear F Cohesive 8 4 
Hardening Soil Model (HSM) Non-linear ++ - 9 5 
HSM Small Strain Non-linear +++ - 13 2 


* Number of parameters needed without mentioning the density, Kọ and the permeability, ** Number of 
papers over forty studied where the soil behavior is mentioned, ® yield criterion of plasticity, ©’ Von 
Wolffersdorf 1996, © Masin 2005, ®© Intergranular Strain Concept 


3.4.2 Water conditions 

For the sake of simplicity, because of imprecision, or the absence of groundwater, the assump- 
tion of excavating in dry conditions has been adopted in some models (Dias & Kastner (2013), 
El Jirari (2021), Gaudry & Givet (2017), Lambrughi et al. (2012), Michalski et al. (2011), 
Saleh et al. (2022), and Soomro et al. (2018)). Otherwise, the choice between drained or 
undrained conditions is decided after balancing several factors, such as soil permeability and 
TBM velocity in Lambrughi et al. (2012). For instance, for high soil permeability and low 
TBM velocity, pore pressure dissipates rapidly, and fully drained conditions are assumed as in 
Fargnoli et al. (2015), and Jenck & Dias (2004). In the case of low soil permeability and low 
TBM speed, the assumption made above can be discussed. To avoid errors due to simplifica- 
tions, pore pressure is modeled, and undrained conditions are presumed. The pore pressure 
increases linearly with depth and is zero at the water table. To account for groundwater flow, 
the pore pressure modeled has to be coupled with permeability (Litsas et al. (2015), Och- 
manskKi et al. (2018), Oh & Ziegler (2014), and Zhang et al. (2016)). 
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3.4.3 Meshing 

Many different FE meshes are used to model the soil skeleton and pore pressure. Each mesh 
element presented in Table 2 is optimized and adapted for certain mechanical behaviors. In 
Table 2, only the soil mesh has been considered. Besides, it was noted that linear bricks or tetra- 
hedral elements were mainly used to mesh the lining, the grout, and the shield of the TBM. 


Table 2. State of knowledge on 3D finite elements used in FEM simulation of tunneling. 


Shape Interpolation Nbofnodes Nbofintegration points Pore pressure NbPap* 


Brick Linear 8 2x2x2 (fully) Yes 2 
Brick Linear 8 1 (reduced) No 1 
Brick Linear 8 2x2x2 (fully) No 7 
Brick Quadratic 20 3x3x3 (fully) Yes 1 
Brick Quadratic 20 2x2x2 (reduced) No 1 
Brick Quadratic 20 3x3x3 (fully) No 4 
Tetrahedron Quadratic 10 4 (fully) Yes 1 
Tetrahedron Quadratic 10 4 (fully) No 6 
Wedge Quadratic 15 9 (fully) No 2 


* Number of papers over forty studied where the mesh element is mentioned 


3.5 Buildings, piles 


In 40% of the models we studied, the interaction between buildings, piles or foundations, and the 
soil surface is simulated. It has been noticed that the interaction between soil and structure has 
a non-negligible impact on the shape and the amplitude of the settlements induced by tunneling. 


4 CONCLUSION 


The review of the literature synthesized in this paper reveals the key parameters that must be 
considered to predict surface settlements induced by the TBM excavation process (Table 3). It 
also reveals that some tunneling driving parameters can be explicitly considered in 3D FE simu- 
lation. Future work includes (i) developing and calibrating a 3D FE model of the TBM excava- 
tion process (ii) implementing statistical approaches (Ninic et al. (2022)), to compute an optimal 
set of TBM driving instructions to keep induced settlements under a given threshold. 


Table 3. Assumptions used for the simulation of the TBM excavation process. 


Model Parameters Implementation within the model Type 

TBM/Grout/Lining Volumic material Multiple parts 

Face Pressure Apply a depth-dependent pressure at the interface between Boundary condition 
the ground and the face of the TBM 

Conicity Conical shape of the TBM shield part Geometry/Interaction 

Overcutting Exacavated soil diameter superior to TBM face diameter | Geometry/Interaction 

TBM jack forces Apply horizontal forces on nodes located at the interface Boundary condition 
between the tail and the lining 

TBM weigth Assign a density to the TBM elements Material properties 

Injected Pressure Apply a hydrostatic pressure to the soil wall just after the Boundary condition 
TBM tail 

Hardening of the Deactivation of the injected pressure and time- dependent Material properties 

grout behavior (from liquid to solid state) 

Lining joints Reduction of the stiffness of the concrete lining Material properties 
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ABSTRACT: Building Information Modelling (BIM) was implemented at the early concept 
design stage of the Sydney Metro West project to identify and analyse critical interfaces and 
develop a robust design. Automation and scripting tools were used on the federated BIM plat- 
form to save time and improve output accuracy, facilitate cross-discipline coordination and 
eliminate repetitive tasks. In combination, Leapfrog was used to interpret and visualise the 
distribution of the geotechnical units. The combination of BIM and Leapfrog models resulted 
in a powerful tool for interface impact assessment on Sydney Metro West — Eastern Tunnel- 
ling Package. This enabled the concept design team to visualise constraints associated with 
ground conditions and the dense built environment, and reduce the likelihood of impacts. 
This also facilitated ground movement impact assessment through parameter calibration. 


1 INTRODUCTION 


Sydney Metro is Australia’s biggest public transport project. This paper focusses on the 
Sydney Metro West (SMW) line concept design developed by Sydney Metro and their Tech- 
nical Partner Mott MacDonald. The SMW project comprises 24 km long twin-underground 
metro tunnels linking Westmead to Sydney’s CBD and is due to open in 2030. The last section 
of the SMW line to commence is the Eastern Tunnelling Package (ETP), which extends 
3.5 km underground between The Bays (Rozelle) and the heart of the Sydney CBD. 

The ETP alignment includes two harbour crossings, Darling Harbour and Johnston’s Bay, 
two new underground station caverns in Pyrmont and in Hunter Street, as well as a crossover 
cavern and turnback cavern. Due to the dense urban fabric, the alignment is adjacent to numer- 
ous existing assets, such as existing high-rise building basement/foundations, infrastructure util- 
ities and heritage structures. 

The interface impact assessment was a key task during the development of the concept 
design. The interface impact assessment involves the review of a Construction Zone of Influ- 
ence (CZI) as an initial screening process of adjacent existing structures to identify risks and 
check the feasibility of the design. The CZI was defined as the union of several areas: the zone 
of influence using a 5 mm settlement contour, any area within a distance from the shafts equal 
to the shaft depth, or within a distance of twice the cavern width, from the cavern lining. 
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Each selected structure was then investigated through an extensive desktop study, surveys 
of accessible basement and, where required, basement investigations. An assessment of poten- 
tial impacts due to construction, including an assessment of ground movement, were then car- 
ried out, combining the proposed design, all existing structures (above and below ground), 
and the known ground conditions. The selection of the ground support measures for the 
cavern excavations, based on the ground conditions, was then reviewed as part the substratum 
acquisition to determine the extents of the acquisition required. 


: : = = 
The Bays Pyrmont Station Hunter Street Station —- 


Figure 1. Vertical and horizontal alignment of the SMW - Eastern Tunnelling Package. 


BIM and Leapfrog were instrumental in carrying out this interface impact assessment. BIM 
was used to model the proposed structures as three-dimensional (3D) elements and federated 
alongside the existing structures. Seequent Leapfrog was used to interpret and visualise the 
relevant ground conditions. BIM structures were imported to Leapfrog to identify critical 
cross-sections for ground movement impact assessment. These sections were generated from 
Leapfrog and subsequently used for design analyses. 

Sections 2 and 3 below describe the technical challenges associated with the interface impact 
assessment and how these were addressed. 


2 TECHNICAL CHALLENGES 


The challenges relating to the interface impact assessment on ETP relate to the complexity of 
the interfaces, the depth-to-span ratio of the Hunter Street cavern, the interpretation of the 
ground conditions and the fact that, due to the very tight design development programme, 
data collection for both existing assets and the ground conditions were done concurrently to 
the development of the model. 


2.1 Modelling of interfaces 


The proposed ETP tunnels and caverns had to meet numerous design requirements whilst limit- 
ing any impacts to existing structures to acceptable levels. Table 1 summarises the external 
interfaces along the ETP alignment within the CZI. The limited information on the as-built 
environment, partly due to the age of the buildings and also inefficient record management, 
proved to be one of the main challenges. The model required quick updates for sensitivity 
checks as the new as-built information became available. Furthermore, impact assessments had 
to be carried out on expected future developments along the proposed ETP alignment. 

Hunter Street Station was particularly challenging regarding the modelling of inter- 
faces. This station will become a major transport hub connecting passengers to the 
future Martin Place Station of the Sydney Metro City & Southwest line, the existing 
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heavy-rail Wynyard Station, and light rail and bus routes. As such, it is one of the lar- 
gest stations of the Sydney Metro network (cavern size of 25 m wide by 15 m high). 

Due to project requirements related to travelling time and customer experience, 
Hunter Street Station cavern is required to be relatively shallow and adjacent to numer- 
ous existing structures. The proximity to nearby assets and any potential interfacing 
risks was assessed at length, including analysis of ground movement impacts. 


Table 1. Summary of selected interfaces within the CZI. 


Interfaces No. of Structures Identified 
Low-rise buildings 85 (81 *) 

High-rise buildings 103 (40 *) 

Bridges 2(2*) 

Surface infrastructure 3 

Underground infrastructure 11 (2 *) 

Key Underground Utilities & Facilities 12 (2 *) 


* heritagelisted 


Figure 2. Cross-section example of Hunter Street Station cavern and existing structures. 


2.2 Ground condition interpretation 


Ground condition interpretation is a critical input to the interface impact assessment, both for 
the estimation of ground movements and for the selection of likely temporary and permanent 
ground support. 

Despite substantial efforts to extract as much value of historical data as possible (Thorin 
et al. 2017), more than 100 project-specific boreholes and several kilometres of geophysical 
surveys were required to inform the concept design. However, the ETP programme for con- 
cept design required the model and design development to be carried out currently with the 
ground investigations. As a result, the design team had to frequently update the ground model 
to check the potential impacts of the new data on the design. 


Figure 3. Green (completed SMW boreholes and geophysical survey lines); White (historical data). 
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3 TECHNICAL SOLUTIONS 


The early use of BIM and Leapfrog and their integration have been key to manage the tech- 
nical challenges referred to in Section 2. Whilst the benefits of the early implementation of 
BIM is discussed in a separate paper by Shivasami et al. (2023), the following sections present 
how both models were developed and integrated. 


3.1 Modelling of information with BIM 


3.1.1 Modelling of proposed design 

Using the 3D string tunnel centreline alignment and 2D cross-sectional profiles of caverns and 
tunnels, the tunnel structures and station caverns were created as 3D elements and brought 
into the BIM environment as shown in Figure 4. The dimensions of the tunnel structures and 
lining thicknesses for each profile could be easily changed with the Dynamo scripting tool for 
immediate visualisation in 3D. 


Tunnel centreline 


2D cross-section 


Figure 4. 3D Elements of Hunter Street Station cavern in BIM. 


3.1.2 Modelling of existing structures 
Spatial data on existing structures was collected from numerous sources (Table 2). The type of 
data impacted the type of modelling. 

Older drawings often had local vertical and horizontal datum, which had to be calibrated 
with Survey Accurate Cadastral Model (SACM). The initial basement survey drawings, as- 
built drawings, IFC drawings, and design drawings used superseded coordinate systems 
(GDA94 and earlier). These coordinates had to be converted to GDA2020. The conversion to 
GDA2020 was carried out when the majority of existing information had been integrated in 
the model space. This proved largely successful. 

Besides foundations and alignment, topography surfaces were modelled based on the infor- 
mation obtained from the Elvis LiDAR open dataset and multibeam swath bathymetry data 
collected by Sydney Metro, complemented by data obtained from Port Authority of New 
South Wales. The model undertook cross-disciplinaries reviews prior to utilising Leapfrog. 
Figure 6 shows the conversion of basement survey information into the BIM model for 
a basement in Hunter Street Station. The property boundary was optimised by including 
a cadastral boundary. 

BIM was used extensively to provide alignment optioneering, not only in Hunter Street Sta- 
tion but also in The Bays. This resulted in the adjustment of the position of The Bays cross- 
over cavern and running tunnel to avoid the inferred location of the Rozelle Bays Slipway 
piles. The 3D visualisation was essential to the orientation of the inferred slipway piles relative 
to the alignment (Figure 7). 
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Table 2. Source of data for BIM model. 


Source 


Description 


Building management records 
(2 assets) 
Council records (123 assets) 


Basement survey (72 assets) 
Contractor as-built records 
Intrusive or geophysical 
investigations 


Ground model 


Collected as part of access requests for the basement surveys. Usually 
include architectural drawings, occasionally design drawings. 

Council records — starting with digitised data, then in-person visit of 
archives 

Sydney Metro commissioned land surveys for accessible basements 
Limited success on SMW — ETP due to the age of the buildings. 
Commissioned by Sydney Metro at selected footings following basement 
surveys, where accessible. A series of concrete cores were drilled, from the 
slab towards the target footing. The aim was to encounter the edge of the 
footing and drill to top of bedrock to ascertain footing depth. (Figure 5). 
Downhole magnetometer and parallel seismic next to expected piles. 
Using the ground model to estimate likely founding depths is a last 


resort other than probing during construction. 


Figure 5. Basement investigations — see Table 2 for description. 


Basement survey 


A 


Figure 7. Tunnel alignment and pile foundations in BIM. 
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3.2 Modelling the ground with Leapfrog 


Seequent Leapfrog is a well-established tool for 3D visualisation of ground data and its inter- 
pretation. This software is used widely on Sydney Metro projects, such as to export multiple 
sections into limit equilibrium method software for slope stability assessment or review point 
cloud scanning data of historical assets. On ETP, three Leapfrog models for each of The Bays, 
Pyrmont and Hunter Street Stations and associated shafts and caverns were developed using 
Leapfrog Works v2021.1.2. These models could be quickly updated with new data and could 
integrate the proposed design and existing structures. Leapfrog was used to generate updated 
geological sections which were then imported for finite element (FE) design in Rocscience 
RS2, a 2-dimensional FE analysis program. The Leapfrog models were also used to scope the 
geotechnical investigations. 


3.2.1 Input data and boundaries 

The following information was used to build the Leapfrog models along ETP. The model pro- 
vided with the Concept Design and geotechnical interpretive report had a clearly stated input 
cut-off date, and a precise list of boreholes that had been drilled and used, drilled but not used, 
and future expected boreholes. About 21 historical exploratory holes and 27 project-specific 
exploratory holes were included in the concept design model. The upper model boundary was 
defined as topography/bathymetry, the lateral boundary as a 120 m buffer from the station box/ 
shaft and cavern and the depth boundary was selected as the deepest local borehole. 


Table 3. Summary of input data. 


Input information Input description File type 
Topography Project LiDAR file from Elvis — point cloud data asc 

at Im resolution - public 
Bathymetry Marine bathymetric survey contours .shp 
Design Design centrelines .dwg 
GIS Data, Maps and Photos Satellite imagery of SMW corridor GeoTIFF 
GIS Data, Maps and Photos Inferred Great Sydney Dyke GeoTIFF 
Borehole data Digitised boreholes and project-specific boreholes ags 
Designs SMW tunnel and station designs .dwg 
Cross Sections and Contours SMW Marine Geophysical Survey pdf 
3.2.2 Output 


Leapfrog uses the Fast-Radial Basis Functions (RBF) as its primary computation engine. The 
RBF is a way of implementing the dual Kriging estimation process. Leapfrog uses advanced 
algorithms to find the dual kriging weights and evaluate the estimates quickly. Further explan- 
ation on implicit modelling can be found in the paper by Cowan et al. (2003). Each layer in 
the model is built by an engineering geologist based on one of several geological processes 
(e.g. erosion, deposition, intrusion etc.) and is manually-tweaked as required by an experi- 
enced engineering geologist. 

The following geotechnical units based on Pell’s Classification (2019) were modelled in 
Leapfrog: 


¢ Sandstone Class I - III, IV and V 
¢ Shale Class I - III, IV and V 

e Residual soils 

e Marine and Estuarine sediments 
e Dolerite Dyke 


The characterisation of the geotechnical units and their distribution were discussed in 
a geotechnical interpretive report. A Leapfrog model that incorporates geological interpret- 
ation and BIM is shown in Figure 8. 
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3.3 Integrating BIM and Leapfrog 


The proposed design and existing structures were exported from the federated BIM model to 
a 3D CAD file and imported into the Leapfrog model on a regular basis. This facilitated inter- 
face impact assessment by visualisation of constraints associated with geological conditions 
and the built environment on the same platform, and helped with ground movement impact 
assessment. 


3.3.1 Visualisation of constraints 
By using Leapfrog and BIM, the model could be quickly updated as new building and new 
ground data was obtained. For instance, limited geotechnical information was available at the 
start of the concept design of Pyrmont Station. The closest ‘relevant’ available borehole was 
more than 50 meters away from a services adit. Due to the anticipated presence of Luna Park 
Fault Zone at the western end of cavern, conservative rock mass parameters with Class IV 
sandstone were adopted for cavern and adit design. This resulted in the adoption of a twins 
adit profile with long rock pillar in between the twins profiles as shown in Figure 9. 
Additional ground data received later in the design development period suggested that the 
ground conditions were substantial better than assumed (Class II Sandstone). Due to the 
major change in anticipated ground conditions, concept design was revised from a twin adit to 
a single adit (Figure 9). 


Figure 8. Example from ETP Leapfrog model incorporating geological interpretation and BIM. 


Longer rock pillar Shorter rock pillar 
at 
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Initial design Optimised design 


Figure 9. Initial and optimised design of Pyrmont Station adits. 


3.3.2 Ground movement impact assessment 

The ground movement impact assessment was undertaken using an in-house Mott MacDonald 
program, Ground Response Program (GRP). This software has text-based input and output, 
which can make it inefficient for large projects such as Sydney Metro West. Therefore a Python 
tool was developed to generate this excavation input automatically, run the program, and 
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visualise the output in the Geographical Information System (GIS) software “QGIS”. The input 
to this tool consisted of 3D CAD drawings (DWG files) of the tunnel, station boxes and cavern 
(geometry consisted of lines and polygons with depth/z coordinate information). The ground 
movement parameters were manually assigned to geometries in QGIS layers as attributes. These 
parameters, and the geometry coordinates, were extracted and saved to text file input using the 
python tool. This process saved several weeks of work. It was particularly valuable during the 
iterative tunnel alignment definition, which required to run the analysis multiple times. 

Interpreted geological models from the Leapfrog model were also used to calibrate the mag- 
nitude of ground movement due to mined cavern excavations. This was done by calibrating 
the volume loss parameter for the semi-empirical gaussian-trough settlement method (Peck, 
1969) against the maximum settlement calculated using the Limaniv method (Limaniv, 1957). 
A key input to the Limaniv method is the weighted average of Young’s modulus of rock 
above the crown, and the overburden, both of which were extracted from the Leapfrog model. 

Since these impact assessments were undertaken, an extension has been added to the afore- 
mentioned GRP Python tool to automate the Limaniv calibration. The process involves auto- 
matically calculating the thickness of each geological unit above the tunnel, at regular intervals 
along the tunnel, based on imported Leapfrog model meshes. This calibration is done accur- 
ately, using the 3D tunnel linestring, and is done at a high resolution, allowing the impact of 
fluctuating geology to be captured. To use the Leapfrog model in Python, it must first be 
exported to a mesh file (e.g. a .obj file). This mesh is loaded into Python using a third-party 3D 
import package. The tool then determines the thicknesses of various layers by creating a line 
directly above the tunnel at regular intervals, then finding the intersection of that line with each 
layer’s mesh. At each calculation point (usually a vertex/coordinate on the tunnel linestring), 
the weighted Young’s modulus is used to calibrate the volume loss parameter and assign it to 
that point automatically. The output of this analysis is a calibrated linestring, which can be 
used to calculate settlement using the main tool, similarly to a tunnel linestring with manually- 
defined settlement parameters. 


3.3.3 Benefits for the next design stage 

Extensive information from the concept design was provided to the tenderers at the start of 
the tender process so that they could build their own BIM platform and ground models. 
Ground data which was provided included: 


— Factual project-specific ground data in digital format (*.csv and *.ags 3.1 RTA 1.1 — the pro- 
ject having started before the implementation of AGS 4.1 AU). This included all laboratory 
and field testing results. 

— Any digitised historical data in *.ags 

— Interpreted units for each project-specific and historical borehole in *.csv 

— Leapfrog viewer model 


Each structure within the CZI was assigned a reference and any available data provided. 

BIM models were delivered in three ways: native files in *.rvt, IFC 2x3 file format in *.ifc 
and Navisworks file format in *.nwe. 

The work undertaken at concept design assisted the bidding contractors as it allowed them to 
focus their time on risk mitigation and solutions development rather than on model building. 


4 CONCLUSION 


The combination of BIM and Leapfrog models resulted in a powerful tool for interface impact 
assessment on Sydney Metro West — Eastern Tunnelling Package. This enabled the concept 
design team to visualise constraints associated with ground conditions and the dense built envir- 
onment. The joint use of BIM and Leapfrog also enabled the team to efficiently assess the 
impacts of ground movements and calibrate the volume loss parameters, a process which can 
easily be done in Python. The automation of the analysis and design process yielded measurable 
benefits to the design development, achieved within a compressed design development 
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programme. Not least, the potential to swiftly update design models with new data was key to 
building a robust concept design. Both the building and Leapfrog models were shared at the 
start of the tender, together with the raw building and ground data to help the bidding contrac- 
tors manage their own design development within the timeframes of the procurement process. 
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ABSTRACT: Prediction is a vague concept that is why we need to conceptualize it specific- 
ally for underground deformation time-series data. For this impending issue, this paper 
employs an advanced deep learning model Bi-LSTM-AM to address it. The results show its 
applicability for practical engineering. The proposed model is compared with other basic deep 
learning models including long short-term memory (LSTM), Bi-LSTM, gated recurrent units 
(GRU), and temporal convolutional networks (TCN). These models cover the most common 
three forms of deep learning for time-series prediction: recurrent neural networks (RNN) and 
convolutional neural networks (CNN). This research is supposed to benefit the underground 
deformation time-series prediction. 


Keywords: underground engineering, time-series, deep learning, deformation prediction, 
machine learning 


1 INTRODUCTION 


In underground engineering, structural deformation is an intuitive, easy to obtain, and can 
effectively reverse the structural health status and surrounding rock and soil. Here, under- 
ground deformation can refer to the deformation of underground structure or the under- 
ground constructing-induced deformation of surface structures. Predicting deformation is to 
predict the safety state of the structure in the future and prevent potential risks. Many 
methods can be used to predict structural deformation. The expected deformation of the struc- 
ture can be calculated through analytical formulas and numerical simulation. However, due to 
the complexity of geotechnical materials, it is difficult to achieve high accuracy only by mech- 
anical means. another method to predict the deformation is according to the deformation 
monitoring data. The monitoring data is usually in the form of time series, therefore the time- 
series method can be used to predict the deformation. The prediction results can also be 
updated with the accumulation of monitoring data. The traditional time-series method is 
ARMA model (Fan & Jian 2019). Recently, the development of machine learning has brought 
new approaches to deformation prediction. 

For underground structure deformation, there are two commonly used machine learning 
prediction models: (1) classical models: more powerful than mathematical statistics with 
enough data, including support vector regression (SVR), extreme learning machines (ELM), 
XGBoost, etc (Ahmed et al. 2020). (2) Deep learning models: it refers to deep neural networks 
or, in the broad sense, any iterative multi-layer machine learning models. It has strong gener- 
alization ability, mainly including two types of methods: (a) recurrent neural network (RNN): 
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long short-term memory (LSTM), gated current unit (GRU), DeepAR, etc. (Wang et al. 2021; 
Yu et al. 2019), and (b) convolutional neural network (CNN): temporal convolutional net- 
work (TCN), WaveNet, etc (Livieris et al. 2020). These methods provide more possibilities for 
the deformation prediction of underground structures. Further research is focused on the 
model optimization, which is mainly divided into: (1) combining LSTM, attention mechanism 
(AM) and other methods to optimize the model structure (Vaswani et al. 2017); (2) Introdu- 
cing particle swarm optimization, drosophila, gray wolf and other algorithms to improve the 
model parameters. 

In short, this research uses deep learning models to underground time-series deformation, 
which can be more practical for understanding the temporal development of deformation 
during construction and operation. The remainder of this paper is organized as follows. Sec- 
tion 2 conceptualizes the time-series prediction. Section 3 employs a deep learning model Bi- 
LSTM-AM to predict the time-series deformation of a underground project. Section 4 shows 
the results, which are compared with other basic deep learning models including LSTM, Bi- 
LSTM, GRU, and TCN. Section 5 draws up the conclusions. 


2 CONCEPTUALIZATION 


In order to distinguish from other prediction methods, the process of predicting underground 
construction deformation by time series method is conceptualized via its mathematical form. 
For the time-series deformation data collected by each sensor, the prediction task is to obtain 
the deformation in a certain future period through the existing monitoring data: 


Ditit+q = Flxgpy tye (1) 


where D;41.;+4 is predicted deformation from time ¢+1 to t+q; F is the mapping relation; and 
X(x—p+1):t are Monitoring data from time x — p+ 1 tot. 

According to this definition, q is the prediction step, that is, the deformation after time q is 
predicted; P is the observation length, that is, p monitoring data from time t — p+ 1 to time 
t are selected for prediction. 

In order to obtain above mapping relationship, model training is required to transform the time 
series vector of monitoring data x).; = {x1,X2,...,x,} into input matrix A and output matrix B: 


X1 NF pid Xp a 
X2 X3 hd Xp+l a2 
A= oe Se We (2) 
Xt—-q-p+1 Xt-q-pt2 +++ Xt-g at—q-p+1 
Xp+1 Xp42 =- Xp4p bi 
Xp+2 Xp+3 see Xptlig bz 
PSIS l l o= . (3) 
Xt—q+1  Xt-q+2 + Xt bi-q-p+1 


The training of prediction model refers to solving a mapping relationship F to make c and 
b closest to the whole, that is, the overall error is the minimum. The model training error e is: 


where n = t-q-p+1. 
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The above process is the fundamental part of time-series prediction. More complicated pre- 
diction can be conducted through considering more factors. First, while predicting deformation, 
more time-series data can be incorporated such as temperature and water pressure. In this con- 
dition, the matrix B is still the same but in matrix A, each x; should be a array or vector that 
represents more information than deformation. Second, some static factors which do not 
change with time can be considered such as the geometry information of the monitoring section. 

For the time series prediction problem, all kinds of machine learning algorithms are solving 
the above mapping relationship F, and this standard form is the essential feature of time-series 
prediction with machine learning which is different from other methods. 


3 MODEL ESTABLISHMENT 


3.1 Data pre-processing 


The deformation time-series was derived from an open-access data set. The deformation inside 
a rock was monitored, and the temperature was recorded meanwhile. For each monitoring 
place, a borehole extensometer was anchored in the rock mass at the end of the borehole at 
a depth of 8 m from the cliff wall. Three displacement-measuring points at depths of 2 m, 
4 m and 6 m from the cliff wall and temperature measuring points at 2 m and 6 m depth. 

In this research, the displacement at depth of 6 m in the rock mass is chosen as the pre- 
diction target. The input time series include the displacements at depths of 2 m, 4 m and 
6 m and temperature at 6 m depth. Therefore, the input dimensions are 4. In the original 
data set, the displacement and temperature are monitored once per hour (from 22.07.2010 
to 08.04.2015) but few records are missing. The prediction task is to use the data (the dis- 
placements at depths of 2 m, 4 m and 6 m and temperature at 6 m depth) of the past three 
days to predict the displacement at 6 m depth of the next day. 

According to Equations (2) and (3), the original data set is transformed into input array 
and output array. After removing samples that contain missing data, the shape of input array 
is (35169, 72, 4). 35169 is the sample size; 72 is the length of time series; and the 4 is the input 
dimensions or numbers of the time series. The output array shape is (35169, 24), and 24 is the 
length of time series, i.e., the displacements of the next 24 hours. 

In a machine learning task, there should be training data, validation data and test data. 
Training data is used for training parameters of model. Test data is used to test the generaliza- 
tion performance of the final model that has been trained. It should be noted that before the 
test, the model parameters have been determined, and these parameters do not change after 
the test. Validation data is used to check the performance of the model (this is the same as the 
test set), but the model parameters, mainly the hyper-parameters, can be adjusted in turn 
according to the inspection results. Since the sample size is very large in this case, only 5% of 
the samples are used for training, and 1% for validation, and 94% for test. Before dividing 
samples into training, validation and test data, the samples are disordered randomly to make 
each data set has sufficient time span. 

The last step before training is to normalize data set: 


ra X— xX 
X= 


(5) 


oO 


where xX is the data after normalization; X is the mean of x; ø is the standard deviation of x. It 
should be not that the validation and test data cannot be involved when calculating x and o, 
because they are unknown when we train a model in practical engineering. 


3.2 Experimental setup and parameter configuration 


We proposed a Bi-LSTM-AM model to predict. In short, Bi-LSTM is used for processing 
time series data, and AM is to estimate the output weight of Bi-LSTM at each time step. The 
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principle of this model can be briefly described in Figure 1. The networks are developed in 
Keras. The Keras framework is encapsulated well but its customization is limited. In order to 
realize the attention mechanism, its neural network layer is used as a function call, and the 
object-oriented programming model is adopted. After grid search optimization algorithm, the 
model structure is determined and shown in Table 1. 

The batch size is 128; epoch number is 100; optimizer is Adam; loss metric is mean square 
error. The training loss and validation loss along with epochs are shown in Figure 2. The 
training loss and validation loss both decrease steadily, and do not fluctuate apparently after 
a few epochs. After 100 epochs, the model is obtained and will be tested by test data set. 


4 RESULTS AND DISCUSSION 


4.1 Results of Bi-LSTM-AM 


The model was used to test 33059 size of data set. For each sample, we can have a time series with 
length of 24, which means the predicted following 24-hour displacements. The mean absolute 
error (MAE) and symmetric mean absolute percentage error (SMAPE) are chosen to evaluate the 
model performance, as shown in Figure 3. As we can see, the total errors of both MAE and 
SMAPE are very low, however, it cannot indicate that the prediction performance must be good. 
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Figure 1. The principal and process of Bi-LSTM-AM model with one layer of Bi-LSTM. 


Table 1. The model structure of Bi-LSTM-AM. 


Layer* Output shape Connected to 

Input layer (None, 72, 4) 

Bi-LSTM layer 1 (None, 72, 256) Inpur layer 

Bi-LSTM layer 2 (None, 72, 512) Bi-LSTM layer 1 

Bi-LSTM layer 3 (None, 72, 128) Bi-LSTM layer 2 

Permute 1 (None, 128, 72) Bi-LSTM layer 3 

Dense layer 1 (None, 128, 72) Permute 1 

Permute 2 (Attention vector) (None, 72, 128) Dense layer 

Attention multiply (None, 72, 128) Bi-LSTM layer 3 and 
Permute 2 (Attention vector) 

Flatten layer (None, 9216) Attention multiply 

Dropout layer (None, 9216) Flatten layer 

Dense layer 2 (None, 128) Dropout layer 

Dense layer 3 (None, 64) Dense layer 2 

Dense layer 4 (None, 24) Dense layer 3 
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Figure 2. The training and validation loss during model training. 


This is because in this case, the displacement time series do not change fiercely in short term. Cur- 
rently, there is not common metric to reasonably evaluate the model performance suitable for all 
conditions with different features that how much time series change in concerned time steps. 
A more reasonable evaluation indicator should be proposed, which is the task in our further stud- 
ies. But overall, the errors are low and acceptable in practical underground engineering. 

Another perspective to evaluate the model performance is the change of errors on different 
prediction time steps. In the past, one problem when using ARIMA or classical machine learn- 
ing methods to predict time series is that the error will increase rapidly with the increase of pre- 
diction time step. This is caused by the cumulative error. However, in Figure 3, only the errors 
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Figure 3. The MAE and SMAPE of test results on 24 prediction time steps for all samples, and a 24 
time-step prediction results of one sample. 
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Figure 4. The weights of each time step in training data determined by AM. 
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on the first 10 prediction time steps are low and keeping increasing, while on the rest 14 time 
steps (from 11 to 24), the errors do not have a increase trend anymore. It reveals the potential of 
deep learning model to predict on long time steps without an obvious non-convergence. 

The temporal attention mechanism is used in this research. It can calculate the weights of 
the output of “Bi-LSTM layer 3” on each time step. As shown in Figure 4, when predicting 
the next 24-hour displacements using 72-hour data, the last 5 time steps from 68 to 72 has the 
most weights. AM can make the whole model focus on the crucial time steps, which will have 
more influence on prediction results. In big data training task, AM is important to increase 
the efficiency and accuracy of the model. 


4.2 Discussion 


The MSE, MAE and SMAPE of Bi-LSTM-AM are compared with other basic deep learning 
models, as shown in Figures 5 and 6. First, Bi-LSTM-AM model achieves a highest accuracy 
on the test data set. But all RNN models including Bi-LSTM-AM, LSTM, Bi-LSTM, and 
GRU have similar performance. TCN, which belongs to a type of 1D CNN models, does not 
have a advantage in this research. In addition, the Bi-LSTM-AM model has more obvious 
advantage when the prediction steps are large. 


5 CONCLUSION 


This research proposed a Bi-LSTM-AM model to predict a underground time-series dis- 
placement. The prediction accuracy is acceptable. The attention mechanism has increased 
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Figure 5. The MSE, MAE and SMAPE of each deep learning models (from prediction time step 1 to 12). 
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the performance of prediction, compared with other basic deep learning models. The main 
conclusions are as follows: 


1) The deep learning models have strong applicability. This technique allows data set with dif- 
ferent values and features to be trained and subsequently predicted accurately. 

2) The results of Bi-LSTM-AM are with a prediction error MAE around 0.003 mm, which is 
acceptable considering the value variation range. 

3) The introduction of attention mechanics enables the model to calculate a large window- 
scale and prediction-step problem. Although on the whole, the effect of AM on prediction 
accuracy is limited, but the effect is more significant in the farther prediction steps. 
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ABSTRACT: In order to solve the problem of difficult and risky on-site training of TBM oper- 
ation, lack of training methods and teaching aids in school, Simulation TBM teaching system 
contains the basic functions including Thurst & Guide, CutterHead & Rotate, Segment Hoist & 
Erect, Inject, Foam/Bentonite/Water etc fluid system and most of the action operation of TBM 
construction. In order to further adapt to the working conditions of the construction site, the 
coordination of virtual geological characteristic parameters, propulsion history replay and trouble 
setting & shooting with examination has been developed. It is a shield construction simulation 
teaching system based on the combination of real piano platform and unity3D virtual technology. 
The system facilitates the combination of theory and practice in the teaching process of colleges 
and universities, and students have a more intuitive understanding of on-site construction. 


1 INTRODUCTION 


At present, the vigorous development of the national rail transit construction market has 
brought about the extensive application of shield tunneling in urban rail transit 
construction!) in turn, it has driven the demand gap for high-quality skilled talents engaged 
in first-line shield operation and maintenance, shield construction technology and manage- 
ment in underground projects!, Many higher vocational colleges within each building system 
offer professional courses such as shield driver and maintenance, but they are generally faced 
with problems such as lack of teaching aids. Many students still have no direct impression of 
industry, equipment and construction process when they graduate. The virtual shield con- 
struction simulation teaching system based on Unity3D is developed to solve these problems. 
The shield machine equipment integrates many systems such as machinery, electrical, hydraulic 
and fluid systems, with a high degree of automation. The shield machine construction involves 
many disciplines such as surveying, civil engineering and geotechnical engineering. Generally 
speaking, the construction and maintenance personnel are required to have a high level of profes- 
sional skills. The technical level of the construction personnel directly affects the process quality 
and project progress. Tunnel projects are generally located at tens to tens of meters underground. 
Although shield protection personnel are isolated from the underground environment, and the 
safety is greatly improved compared with drilling and blasting, improper operation during con- 
struction can still cause some safety accidents. Deepen operators’ overall understanding of con- 
struction, eliminate safety accidents, improve project quality, ensure construction progress, reduce 
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consumption of consumables, reduce equipment damage, etc. All these require the training of 
shield driver and operators, especially the training of equipment working status and working pro- 
cess, and enhance the overall understanding of equipment working process and working param- 
eters. On the one hand, the system uses virtual 3D technology to reproduce the real shield 
machine and geological stratum environment; on the other hand, it uses the same control center 
and piano stage remote control and other hardware on conventional equipment to enhance the 
trainees’ real feeling of on-site operation, so that the operation is safe and completely similar to 
the real machine. 


2 SYSTEM DESIGN AND HARDWARE COMPOSITION 


Considering factors such as system development and promotion cost and training safety, the 
main body and trailer of the shield machine are virtual realized by Unity3D technology, and 
the 3D virtual realization is displayed by large screen TV and 3D helmet; At the same time, in 
order to increase the real sense of substitution and operation habit of the teaching system 
operation, the main driver’s operating part piano stand; Crane and remote controller of 
assembly hand; The central control system PLC, button terminal block, etc. are all equipped 
with the same type of accessories on the shield. The logic and correlation of all electrical, 
hydraulic, mechanical and other systems in the operating platform are consistent with the 
actual situation on site, which can comprehensively and truly simulate the operation status 
and fault handling of the shield machine in various operating environments. 


The composition of the system hardware is shown in the figure below: 


Figure 1. System hardware components. 


Unity3D model action is driven by the real PLC data, and all operations are operated by 
the piano console button, the touch screen of the upper industrial computer, and the remote 
control of the crane assembly machine, which is completely consistent with the operation 
under the real working conditions. 


3 UNITY 3D TECHNOLOGY AND SOFTWARE DEVELOPMENT 


The 3D model program runs on a high configuration desktop computer. Because the 3D program 
requires a high display function of the system, it is necessary to configure an independent graphics 
card with good performance and a certain video memory size. On the one hand, the high configur- 
ation 3D desktop computer can display 3D programs on a large screen TV, switch specific viewing 
angles with the mouse and drag them within a specific viewing angle. In order to prevent the prob- 
lem of poor focusing equipment caused by excessive 3D display freedom, the system sets several 
common viewing angles and a free viewing angle separately, and common viewing angles only 
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allow rotation and drag angle in a small range. On the other hand, if space allows, two or more 
positioning devices can also be configured to cooperate with the helmet to achieve VR virtual real- 
ity. Since it is difficult to operate the piano console button after wearing the helmet, it is mostly 
used for shield machine disassembly, function introduction, historical data driven tunneling repro- 
duction and other functions. The simulation animation can realize the switch between the whole 
machine scene and the local scene, and can also rotate the view angle in a single scene, which can 
meet the user’s need to show the internal details of the shield machine and the full simulation 
action process from different perspectives/multiple angles. Visual angle scenes include: free visual 
angle, cutter head visual angle, assembly machine visual angle, segment crane visual angle, whole 
machine visual angle, belt conveyor visual angle, electric locomotive visual angle, etc. 


3.1 Frame building and model processing 


The 3D model simulation of equipment driven by real data can realize the display of equipment 
action scenarios, but the actions with large degrees of freedom, such as lifting and assembling seg- 
ments, should be anti-collision handled in advance. For example, if the segments hit the equip- 
ment, they should only be allowed to retreat and do not need to continue to move forward, so as 
to prevent the appearance of distortion such as mutual interpenetration of models. The detailed 
design process includes: exporting SolidWorks models to Stl format files, importing Stl files into 
3Dmax in batches and exporting them to FBX format files, importing FBX files into Unity3D 
for facet reduction, binding script actions, and exporting PC version unity3D files. The unity3D 
files are embedded in the upper computer program and played by UnityWebPlayer. Since motion 
control script code is embedded in Unity3D model, after reading PLC controller data, the upper 
computer will transfer the corresponding parameters to the script to control the 3D model to 
achieve the predetermined action of the device. The difficulty of this application is that if the 
model quantity is too large, the host computer will get stuck during operation. The solution is to 
simplify the model and improve the smoothness of the interface operation. 


Figure 3. Model interface. 


3.2 PLC drive 


The 3D model simulation of equipment driven by real data can realize the display of equipment 
action scenarios, but the actions with large degrees of freedom, such as lifting and assembling 
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segments, should be anti-collision handled in advance. For example, if the segments hit the equip- 
ment, they should only be allowed to retreat and do not need to continue to move forward, so as 
to prevent the appearance of distortion such as mutual interpenetration of models. The detailed 
design process includes: exporting SolidWorks models to Stl format files, importing Stl files into 
3Dmax in batches and exporting them to FBX format files, importing FBX files into Unity3D 
for facet reduction, binding script actions, and exporting PC version unity3D files. The unity3D 
files are embedded in the upper computer program and played by UnityWebPlayer. Since motion 
control script code is embedded in Unity3D model, after reading PLC controller data, the upper 
computer will transfer the corresponding parameters to the script to control the 3D model to 
achieve the predetermined action of the device. The difficulty of this application is that if the 
model quantity is too large, the host computer will get stuck during operation. The solution is to 
simplify the model and improve the smoothness of the interface operation?!"), 
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Figure 4. System framework. 


3.3 Basic functions 


Establish Unity3D model of the whole shield machine;Decompose relevant actions of shield 
construction,such as propulsion,cutter head rotation, screw mark belt conveyor rotation, 
foam bentonite grouting and spraying, segment transportation, lifting and splicing,and bind 
the decomposed actions into unity3D model through script; Establish OPC connection 
between model simulation software and real PLC, and associate the corresponding point with 
Unity3D model; Repeatedly test the rationality and usability of relevant actions; Establish the 
anti-collision mechanism of the model. For example, if the segment interferes with other 
mechanical structures on the trailer during the lifting process, it is necessary to give an alarm 
and whether it can retreat or not. The above is the framework foundation of the system. 


3.3.1 Propulsion and attitude adjustment 

The propulsion system is divided into 16 groups of oil cylinders, divided into A/B/C/D four 
zones, consistent with the real shield. The propulsion system has two working modes: propul- 
sion mode and segment assembly. In the propulsion mode, the propulsion speed and pressure of 
the A/B/C/D four groups of oil cylinders can be controlled by operating the piano deck propul- 
sion system, and the size can be adjusted by potentiometer. In the segment assembly mode, the 
telescopic control action of a single oil cylinder can be realized through the oil cylinder control 
button of the remote controller of the assembly machine to facilitate the segment assembly!”!"), 


3.3.2 Cutterhead 

The cutterhead system operation is consistent with the actual shield operation. Start the cor- 
responding system according to the relevant information on the upper computer startup con- 
dition interface. After the cutterhead startup conditions are met, the cutterhead rotation, start 
and stop operations can be realized through the operation of the cutterhead control area on 
the piano table panel. 3D cutter head animation can be displayed in real time according to 
different steering directions and the speed given by the potentiometer, and the simulation 
effect of cutter head cutting soil can be simulated by dynamic videol”. 
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3.3.3 Grouting, grease injection, foam, bentonite and other fluid systems 

The simulation operation platform is configured with 6-channel foam system, which can select 
1-6 channels of foam for injection according to operation needs. It has three foam injection 
modes: manual/automatic/semi-automatic. The foam system interface can set parameters such 
as the proportion of raw liquid, maximum pressure, expansion rate, foam flow, etc. The foam 
animation interface can change in real time according to the flow setting value; In manual 
mode, 3D simulation animation and foam discharge display can be changed in real time 
according to manually set parameters; Under semi-automatic mode, the system can automat- 
ically adjust the flow according to the set raw liquid proportion, expansion rate and other 
parameters; In the automatic mode, the flow of foam is automatically adjusted according to 
the logic parameter setting of the PLC control system and relevant parameter information 
such as propulsion speed. 

The bentonite system of the simulation operation platform includes bentonite system and 
shield shell bentonite system. The 3D animation flow can be displayed in real time according 
to the knob adjustment. The bentonite system can select one or two injection channels on the 
operating console panel, and adjust the bentonite injection flow according to the potentiom- 
eter; The shield shell bentonite system can select the injection point at the shield tail sealing 
interface, and adjust the bentonite injection flow according to the potentiometer. 


Figure 5. Simulation operating platform. 


3.3.4 Segment erect 

The segment crane system can control the lifting, lowering, advancing, retreating, gripping 
and loosening of the segment crane through the remote control of the segment crane. The seg- 
ment crane can be delivered to the grabbing position of the segment crane by the electric loco- 
motive through the push button of the piano table panel. The segment crane can grasp the 
segment by operating the remote control of the segment crane, The 3D simulation animation 
shows the downward vertical green positioning line and red contour line to help grab the seg- 
ment. When the segment crane moves to the position where the segment can be grabbed, the 
grab point shows red, and the remote controller can be operated to grab the segment. In the 
process of segment crane grabbing segment, collision interference is set. In case of collision, 
boundary red line prompt is given and warning information is displayed on the screen. At this 
time, the operation can only stop or move in the opposite direction. 

By operating the remote controller of the segment erector consistent with the real shield 
machine, the segment erector can move forward, backward, left and right rotation, extend and 
retract the red and blue oil cylinders, grasp the segments and release the segments. When the red 
and blue oil cylinders of the segment erector stretch out to grab the segments, the grab head is 
set with a downward green positioning line and a red contour line to assist the user in grasping 
the segments. When the segment assembly machine moves to the grabbing position, the grabbing 
point displays red. At this time, the remote controller can be operated to grab the segment, and 
the assembly of the whole segment can be realized through the action of each degree of freedom 
of the assembly machine. Set collision and interference prompts during segment assembly. When 
collision occurs, give boundary red line prompts, and display warning information on the screen. 

For the segment system with the highest simulation difficulty, the system realizes all details 
of manual assembly of segments, including moving segments from locomotive in the track, 
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segment crane to segment, segment trolley to segment assembly machine. In order to reduce 
the problem that the single screen viewing is not as intuitive as the actual working condition, 
and the segment assembly operation is difficult and time-consuming, the system adds three 
auxiliary visual angles under the assembly angle to assist manual assembly, and further devel- 
ops one key automatic segment assembly, which realizes the seamless connection between 
manual segment assembly and automatic segment assembly. Through the operating button of 
the piano stand, the movement of the one button locomotive pipe piece can be realized, and 
the corresponding simulation sound is equipped. 


Figure 6. Segment erect model. 


Figure 7. Erect remote control. 


3.3.5 Screw conveyor and belt conveyor 

The 3D simulation animation screw conveyor and belt conveyor system can be operated by 
operating the piano table button. The upper computer interface displays the system param- 
eters of the screw conveyor system, realizing the interlocking control function between the belt 
conveyor and the screw conveyor. The interlocking relationship is consistent with the real 
shield screw conveyor. Start the belt conveyor system first, and then start the screw conveyor 
system. Alternatively, if the interlocking relationship is invalid, the screw conveyor and belt 
conveyor system can be started/stopped independently. 


4 ADVANCED FUNCTION MODULE DEVELOPMENT 


4.1 Virtual geological parameters 


Which construction parameters are reasonable and appropriate under specific geological condi- 
tions is the difficulty of PLC simulation. That is, referring to the feedback of geological types in 
Unity3D, combined with the overall parameters of the shield machine and the actual tunneling 
history of the previous typical equipment in similar strata, the research on the correlation 
between the propulsion pressure, torque, speed, etc. and the geology was carried out. The func- 
tions in this section of PLC are compiled on the basis of multiple understanding and learning of 
the corresponding mechanism and massive viewing of historical data, so that the shield 3D 
model has the function of corresponding parameter feedback according to different geology. 
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4.2 Reproduction of historical tunneling 


The reproduction function of the real tunneling situation is relatively simple. It only needs to 
bring the historical tunneling data of the real tunneling situation, transfer the PLC control 
right or direct data drive, and drive the three-dimensional model with the information such as 
the injection of the propulsion assembly fluid during the historical tunneling to realize the 
reproduction of the real tunneling situation. 


4.3 Fault setting and troubleshooting 


The 3D simulation operation platform is configured with background control center and electrical 
control cabinet. The upper computer of the background control center is equipped with a fault 
setting interface and a parameter setting interface. The corresponding faults can be set through the 
upper computer of the background control center. The set fault information can be displayed to 
the alarm interface of the upper computer of the operating piano stage through communication 
transmission, and affect the corresponding system action of the 3D animation. At this time, it is 
necessary to refer to the electrical schematic diagram to eliminate the fault, reset, and recover the 
3D action. The electrical control cabinet is equipped with circuit breakers, relays and other elec- 
trical components that are consistent with the real shield. In addition to setting faults in the back- 
ground control center, fault information such as circuit breaker disconnection, signal interruption 
and so on can also be set in the electrical control cabinet to cultivate the players’ ability to 
troubleshoot. 
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Figure 8. Fault simulate interface. 


5 SUMMARY AND OUTLOOK 


Now the test bench has realized almost all the real operations of the shield, such as propulsion, 
screw conveyor, belt conveyor, cutter head, active hinge, spraying and grouting of foam benton- 
ite shield bentonite, segment installation machine, segment trolley, segment crane, etc. For the 
segment splicing action with the highest difficulty in shield tunneling simulation, the test-bed 
fully reproduces all details of manual segment splicing, including the time for complete manual 
segment splicing from the locomotive transport segment in the track, segment crane to segment 
lifting, segment trolley to segment splicing machine, which is similar to the real working condi- 
tions. In order to reduce the difficulty of operation and achieve the friendliness of external dis- 
play, one key automatic segment splicing has been developed in depth, and the seamless 
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connection between manual segment splicing and automatic segment splicing has been realized. 
In addition, the realization of other actions such as propulsion and foam shall meet the real 
interlocking conditions of shield. 


Figure 9. Console overview. 


The development of the test-bed avoids the shortcomings of other manufacturers’ shield machine 
models, such as poor visual effect and monotonous action, and strives to achieve the most realistic 
3D display of the shield machine, and the model is convenient for VR and AR explosive disassem- 
bly display, that is, virtual drag the main components of the shield, and use language or text to 
introduce its functions and overall demonstration. The 3D image display of the shield machine is 
widely used, not only for various shield machine simulation test benches in colleges and technical 
secondary schools, but also for adding an examination scoring system to enable students to auto- 
matically score in computer tests!'®!; It can also be used for training and assessment of shield driver 
assembler of technical service companies or construction engineering bureaus; When the company 
participates in various exhibitions, let the exhibitors participate in the operation of the shield 
model, and the publicity effect will be better. The simulation piano stand, remote controller, etc. on 
the software interface of the previous version can realize all the specified actions of shield construc- 
tion and can be used for the teaching of students majoring in shield tunneling. The later version 
software can simulate the fault handling under complex geological conditions, and can be used for 
training and learning of shield related personnel, with a broad application prospect. 
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ABSTRACT: The prediction models are proposed to utilize through multi stages in 
a project such as, preliminary and feasibility state, design, tender, and construction. As 
a result, its low accuracy exceeds the expected accuracy range (The association for the 
advancement of cost engineering, -10% to +15%). For example, when entering the input data 
from Mae Tang — Mae Ngad Project through existing models, the values of root mean square 
error that are evaluated by comparing between the actual and the predicted rates of penetra- 
tion have its results between 0.356 and 0.893. The errors show that efficiency of prediction 
model remains as same level as the penetration rates of standard deviations of actual rate of 
penetration which equal to 0.323 and 1.238 m/h. This research aims to create a model for pre- 
dicting tunnel boring machine performance through deep learning in construction phase by 
Deep Feed Forward and Long-Short Term Memory and applied block models with mining 
technique. The prediction model is created and validated using data gathered from Mae 
Tang — Mae Ngad project over 300 datasets from ring number 2350 to 2649. Input parameters 
for the model are selected through the correlation examination. Parameters that correlated 
with 5 rate of penetration variables are Thrust, Torque, Cutterhead Speed, Rock Mass Type, 
and Uniaxial Compressive Strength. UCS value is determined by Indirect test from Schmidt 
hammer at Tail Shield and Invert Distance technique filling missing value. Rate of penetration 
in validation set resulted its root mean square errors as 0.162 and 0.216 from Deep Feed For- 
ward and Long-Short Term Memory techniques respectively. Deep Feed Forword is more 
accurate whereas Long-Short Term Memory is more adaptive to fluctuate geological condi- 
tions and nonassessable input parameters in advance as it is recurrent neural network of deep 
learning, which also usable to predict previous datasets. Results from the prediction model 
development can lead to further Rate of penetration prediction framework development for 
other situation of tunnel excavation in the future. 


1 INTRODUCTION 


Tunneling is one of important underground structures that is widely utilized in various func- 
tions. The popularity of rapidly increasing numbers of this infrastructure implementation in 
the last few decades can be explained in a couple of ways. First, according to the economic 
and population growths, they expand the demands of facility, transportation, and power or 
electric consumption. Second, development of technology and comprehensive underground 
excavations have been making tunnel construction become safer, cheaper, and faster. 
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However, the tunnel construction unavoidably has to confront with the risks in the terms of 
geology, construction method, construction management which later causing the cost or/and 
time overruns at the end of projects (Paraskevopoulou & Boutsis 2020). The prediction 
models are proposed to utilize through multi stages in a project such as, preliminary and feasi- 
bility state, design, tender, and construction. Moreover, if this model is integrated its perform- 
ance with other estimation models such as cutter wear, the time and cost expense including 
risk, definition, and price management regulation in contract, and verify machine perform- 
ance and variation in rock mass conditions. It shall make them estimable (Bruland, 2000a). 

The main parameter that is significant for tunneling is the Rate of Penetration (ROP) which 
its method or data can be divided to fit the model into two groups. The first group, their form- 
ular is generated considering from laboratory testing such as cutting force from full scaled cut- 
ting test which this model called “Theoretical Model”. The second group is “Empirical 
Model” which can be created from field observation data including machine performance, 
rock mass properties. Rostami (Rostami, 2016) describes that the advantage of theorical 
model can be used in machine design and tradeoff between thrust-torque optimization. On the 
other hand, the Empirical model which rock joint and rock mass properties included, is affect- 
ing on performance parameters (Balci, 2009). 

Forementioned prediction models are used as a tool for project planning. As a result, its 
low accuracy exceeds the expected accuracy range (The association for the advancement of 
cost engineering (AACE, 2005), -10% to +15%) and contingency level (Karlsen & Lereim 
2005) (10%). For example, when entering the input data from Mae Tang - Mae Ngad Project 
(MTMG) through eight existing models, the values of RMSE (root mean square errors) that 
are evaluated by comparing between the actual and the predicted rates of penetration have its 
results between 0.356 and 0.893 (Table 1). The errors show that efficiency of prediction model 
remains as same level as the penetration rates of standard deviations of actual ROP which 
equal to 0.323 and 1.238 m/h. Moreover, rock properties such as uniaxial compressive strength 
(UCS) which is one of crucial parameters for performance prediction (Pandey et al., 2020) 
cannot be specified along tunnel alignment due to limitation of job site. For instance, the 
depth of overburden overreaches machine capacity or project of budgeting. 

Thus, this paper aims to create a model for predicting Tunnel Boring Machine (TBM) per- 
formance through deep learning in construction phase by Deep Feed Forward (DFF) and 
Long-Short Term Memory (LSTM) and applied block models with mining technique. 


2 PROJECT DESCRIPTION 


2.1 Mae Tang — Mae Ngad water transfer tunnel project — contract 1 


MTMG project is a part of the infrastructure project that aims to convey water from Mae 
Tang River to Mae Kuang reservoirs. The tunnel is considerably separated into 2 sections. The 
first 25 km length is to diverse water from Mae Tang River to Mae Ngad reservoir (Figure 1 & 
Table 2), the second path is to transfer water from Mae Ngad reservoir to Mae Kuang reser- 
voir. Thus, it is called “Mae Tang-Mae Ngad-Mae Kuang diversion tunnel project”. This pro- 
ject objective is to augment water supply for people in Chiang Mai and Lampun Province, 
Northern Thailand. As it is an entirely long and deep tunnel, tunneling is separated into 4 parts 
for Mae tang-Mae Ngad contract 1 & 2 and Mae Ngad-Mae Kuang contract 1&2 respectively. 


2.2 Geology along the MTMG project 


Kan Kaewkongkaew et al. (Kaewkongkaew, K. et al., 2013) studied lithology in this project 
and divided it into three zones following Figure 2 that consists of Triassic granitoid and felsic 
volcanic rock in Zone I, Ping River fault in Zone II, and sedimentary rock in Zone III. From 
scope of this research, the TBM tunneling excavates mostly in Zone I that includes granite 
and marble which are igneous and metamorphic rock. Occasionally, highly fracture and fault 
can be founded. 
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Figure 1. MTMG transfers tunnel project-contract 1. 
Table 1. Output of existing TBM performance prediction models. 
Model evaluation 
All Rock Type Rock without plane Rock with plane 

Model RMSE" Rating RMSE* Rating RMSE Rating 
CSM (Rostami, 1997) 0.499 6 0.356 8 0.743 4 
MCSM (Yagiz, 2002) 0.690 3 0.764 3 0.460 J 
Yagiz Model (Yagiz, 2006) 0.438 8 0.430 5 0.457 8 
NTNU (Bruland, 2000b) 0.816 1 0.787 2 0.885 2 
Modified NTNU (Macias, 2016) 0.809 2 0.787 1 0.861 3 
Gehring (Gerhing, 1995) 0.629 4 0.481 4 0.893 1 
Alpine by Wilfing (Wilfing, 2016) 0.514 5 0.390 7 0.736 5 
Farrokh (Farrokh et al., 2012) 0.444 7 0.422 6 0.493 6 
* RMSE-Root mean square errors. 
Table 2. Detailed of Tunnel in MTMG project (contract 1). 
Task Value Remarks 
Overall Length 13.6 km 
Inner diameter 4.0m 
Number of tunneling method 2 D&B and TBM 

- D&B 3.9 km Sta.0+000 to 3+700 

and 13+400 to 13+600 

- TBM 9.7km Sta.13+400 to 3+700 
Support System 

- D&B Concrete Lining Horseshoe shape 

- TBM Concrete Segmental Honeycomb type 


2.3. T57 Specification 


Double shield TBM was chosen to operate in this project that drive ascending with 0.156% 
slope from Adit no.2 to Adit no.l and backup system operate with rolling stock including 
material supply and muck hauling system. Another technical specification and cutter disc 
arrangement on cutterhead shows in Table 3. 
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Figure 2. Geological of MTMG water transfer project (Kaewkongkaew et al., 2013). 


Table 3. TBM technical specification. 
TBM specification 


TBM type Double shield TBM 
Excavation diameter 4,740 mm 

Number of drive motor 6 Nos. 

Maximum recommended thrust on cutterhead 7,500 kN 

Speed 0.5 — 0.9 rpm 

Type and number of cutter discs 17” (432 mm) and 32 cutters 
Distance between face cutter (average) 82 mm 


3 DEEP LEARNING AND BLOCK MODEL TECHNIQUE 


3.1 Deep Learning 


Machine learning is a part of Artificial Intelligence (AI) that first debuted in 1950s when 
Allan Turing created a “Turing Test” to prove that machine can have its own ability to think. 
In 1952, Arthur Samuel constructed the “First Machine Learning” to play a game. Frank 
Rosenblatt presented Perceptron which was an important segment of Neutral Network in 
1957 that leading to multi-layer perception. Alexey Ivakhnenko and Valentin Lepa further 
developed it to become Deep learning in present. 

Deep Learning is the application of Artificial Neural Networks (ANN) arranging layers. 
Currently, it is developed to be suitable for multiple purposes such as image classification and 
natural language processing. This chapter states two relevant deep learnings, which is applic- 
able for tunneling penetration. 


3.1.1 Deep feed forward 

DFF is the combination of loads of arranged ANN layers. In overview, this can be separated 
as 3 main layers as input layer, hidden layer, and output layer as illustrated in Figure 3. In 
each single node in hidden layer is connected to one another. Its construction clearly allocates 
inputs separately without dependence. Input information can either be arranged or not 
arranged, so DFF usually confronts with sequencing data or time series. 


3.1.2 Recurrent neural network and long short-term memory 

Recurrent Neural Network (RNN) is implemented in research of speech recognition and Nat- 
ural Language Processing. The principle of the network is to reinput the previous result, so it 
is more suitable for sequencing data or time series. It seems RNN is created to replace ANN 
on specific problems. Inside of RNN contains hidden state to let the model learn input 
sequence patterns (Figure 4). 
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As stated above that RNN is originally from ANN which has the backpropagation, in case 
of over lengthened sequence of data, there can be lower amplitude problem when gradient is 
sent through layers. This can possibly cause the low-keyed values, which the weights have 
almost nothing to be adjusted and this situation is called “Gradient vanishing”. To solve this, 
Sepp Hochreiter & Juergen Schmidhuber (Hochreiter, S. & Schmidhuber, J., 1997) proposed 
a Long Short-Term Memory (LSTM). The structure of LSTM not only has the previous 
hidden data record in its memory, but also has Gate to decide on whether it needs to write, 
forget, or to be readable. The Architect and equation of LSTM are as shown in Figure 5. 


3.2 Block model technique 


Some of intact rock information is partly explained especially the UCS value of the entire 
tunnel cannot be known, according to disability to investigate entire tunnel. There is an 
attempt to solve this problem by using Schmidt hammer to examine the UCS (indirectly) the 
penetrated path. However, it is still unable to find out all information that TBM went 
through, as the penetration machine is double shield type, which its shields obstruct the rock 
investigation process. Thus, using UCS for model input causes some of missing values. The 
researcher found that this paper needs a geological evaluation with some existing data and 
found that there is mining technique to determine mine inventory for ore-body modelling cre- 
ation and to plan a mining, which it is called “Block Model”. Block model is a method to 
evaluate ore properties, such as Lithology, “grade, density, and hardness, by separating infor- 
mation to bricks. The size of each brick depends on its suitability and geological properties. 
Then, the investigated data is used parallelly to evaluate the property of interested blocks 
(Poniewierski, n.d.) as illustrated in Figure 6. 

There are several types of block model. Considering a long length tunnel penetration, the 
data has only little changes, so the suitable method is Inverse Distance Methods as follows: 


G4 = Aa WiC 0) 


Where Gy, = estimated grade; W; = Normalizes Weight; and G; = Grade (existing drill hole). 
The summary of W; equals to 1, the W; can be calculated as equalized below. 


Wi = 1/47 (2) 


Where x = initial value equals to 2, after that it is adaptive on field. 
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Figure 3. Structure of Deep feed forward (DFF). 
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Figure 4. Recurrent Neuron Network (RNN) structure (Sirinart, 2017). 
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Figure 5. Display of LSTM structure (Sirinart, 2017). 


Figure 6. Diagrammatic of the estimation of drillhole samples into a block (Poniewierski, n.d.). 


4 METHODOLOGY 


In the methodology section, the method of data gathering is stated. The data is used for form- 
ing a model, evaluation a model and model validation. The detail is described as follows: 


4.1 Data for model formation 


Data for model formation includes 2 main parts, which are geological data and TBM Per- 
formance data. The data were collected mostly from the field. Geology parameter requires 
data from investigated boreholes and tunnel line survey. It is evaluated especially in each of its 
faults before the actual construction starts. These types of information are accumulated map- 
ping with the work in process information to create “Back-mapping”. All the data consists of 
UCS, indirect UCS by Schmidt hammer, Alpha angle, Coarseness Index (CI), and Rock Mass 
Type (RMT). 

TBM Parameter data is cultivated from work tracking program of the penetration machine. 
It records and reports the parameter real-time. In this research, recorded data is reported as 
Ring, which is the concrete segment installation duration. Individual ring is 1.4 meter long, 
therefore TBM performance is known every single 1.4 meter length. Data for model 
formation 


4.1.1 Input parameter selection 

Before selecting the input parameters, correlations of each parameter expected to be verified, 
which are the penetration rate and inputs such as Thrust force, Cutter head Torque, Cutter 
head Speed, UCS, and RMT. 


4.1.2 Extent of geology parameter by Block model 


Dataset is checked with geological terms on what data is still empty. Then, invert distance 
technique of block model is used to evaluate data and input for the dataset. 
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4.2 Arranging data types before machine learning 


According to the part | in this paper, the prediction model will be conducted via 2 deep learn- 
ings which are deep feed forward and recurrent neural network type LSTM. The difference of 
data input preparation is the sequencing of input data. For example, if a Ring prediction at 
3000 is DFF, it is able to fit with any ring data even if a ring from 2650 to 2749 or 3050 to 
3149. In case of LSTM, there is a requirement to arrange those data before inputting. If the 
previous data is 10, the dataset needs to be from Ring 2990 to 2999 to predict ring 3000. 

Dataset Splitting is a process to divide data into 2 components. The first component is to 
teach machine to learn which called “Training Set”. Another component is not tested, but 
kept for the validation which called “Validation Set”. The ratio of data between training and 
validation is 80:20 (240 Ring: 60 Ring) respectively. 

The equation evaluation uses expected accuracy range of AACE as stated in the part 1 that 
is -10% to +15% along with Root mean square error (RMSE) as in the following equation. 


Where f; = predicted values; y; = actual values; and N = the total numbers of data. 


5 MODEL VALIDATION 


The prediction model is created and validated using data gathered from MTMG project over 
300 datasets from ring number 2350 to 2649. Input parameters for the model are selected 
through the correlation examination. Parameters that correlated with 5 ROP variables are 
Thrust, Torque, Cutterhead Speed, Rock Mass Type, and Uniaxial Compressive Strength 
(UCS). UCS value is determined by Indirect test from Schmidt hammer at Tail Shield and 
Invert Distance technique filling missing value. Figure 7 illustrates the DFF structure which 
selected for prediction. DFF network consist of 5 inputs and 5 hidden layers with 7 nodes in 
each hidden layer. The LSTM structure is 10 inputs and 1 hidden layer which including 12 
nodes in hidden layer as demonstrate in Figure 8. Rate of penetration (ROP) in validation set 
resulted its RMSE as 0.162 and 0.216 from DFF and LSTM techniques respectively. The 
output is display in Figure 9 and Table 4. 


Table 4. Output of TBM performance prediction models. 


Model Number of Dataset Model evaluation 


RMSE AACE Range (-10% to +15%) 


(m/h) In Range Over Perform. Under Perform. 
DFF 60 0.162 44 (73.33%) 9 (15.00%) 7 (11.67%) 
LSTM (t) 58 0.216 36 (62.07%) 8 (13.79%) 14 (24.14%) 


6 SUMMARY AND CONCLUSION 


DFF is more accurate whereas LSTM is more adaptive to fluctuate geological conditions and 
nonassessable input parameters in advance as it is recurrent neural network of deep learning, 
which also usable to predict previous datasets. Results from the prediction model development 
can lead to further Rate of penetration prediction framework development for other situation 
of tunnel excavation in the future. 
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Figure 7. Display of DFF structure for MTMG performance prediction model. 
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Figure 9. Predicted and actual ROP values in validation set by DFF and LSTM model. 


Framework will be more suitable for site situation as it has an ability to warn some prob- 
lems such as project time delay, so the project managers are enabled to find strategy to solve 
the incident or to improve the procurement plan in order to deliver construction material or 
machine parts on time and spare adequate in stock. Moreover, when dead stock material is 
prevented, the project earns more profit. 
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ABSTRACT: Sensing and information technologies, adopted now routinely on underground 
urban infrastructure projects, have enabled the production of massive streams of spatial- 
temporal data. Yet, geotechnical risk remains uncomfortably high and more often than not 
drives the schedule, cost and overall risk of such projects. In short, geotechnical risk is not 
decreasing in proportion to the uptake in big data. The reasons for this include a lack of 
methods to translate the increased spatial-temporal data into a commensurate reduction in geo- 
technical risk. This paper presents research-driven methods to reduce geotechnical risk using the 
increased data now available. A typical urban TBM project environment is presented and data 
from multiple actual tunnel projects is used to demonstrate method efficacy. The paper first 
addresses the quantification of baseline spatial geotechnical parameters and their uncertainty, 
and the consequential risks that exist during tunnel construction, e.g., ground and building 
deformation, stuck TBM, clogging, groundwater inflow, etc. Because these risks are quantified 
based on apriori site investigation data, optimization of geotechnical site investigation to best 
decrease risk uncertainty is addressed and demonstrated. Geotechnical monitoring data and 
TBM data collected during tunnel construction is used with back-analysis techniques to improve 
estimation, including decreasing uncertainty, of geotechnical parameters. This is demonstrated 
using 3D computational modeling of ground deformation and machine learning/empirical 
model-based estimation of clogging and TBM cutterhead wear risk. The paper also presents the 
reduction in geotechnical risk uncertainty by implementing a machine-learning approach to 
characterize the ground through which the TBM advances. A Bayesian approach to updating 
estimate magnitude and uncertainty of tunneling-induced ground deformation is presented by 
using the monitoring data and back-analysis. 


1 INTRODUCTION 


State of practice geotechnical site investigation for large and long underground infrastructure 
projects such as tunnels limits borehole spacings to 50-100 m, and 10-30 m in the vicinity of 
stations. The resulting geotechnical information is spatially highly uncertain and leads to sig- 
nificant geotechnical risk. Sensing and information technologies, adopted now routinely on 
underground urban infrastructure projects, have enabled the production of massive streams of 
spatial-temporal data. Yet, geotechnical risk remains uncomfortably high and more often 
than not drives the schedule, cost and overall risk on projects. In short, geotechnical risk is 
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not decreasing in proportion to the uptake in big data. The reasons for this include a lack of 
methods to translate the increased spatial-temporal data into a commensurate reduction in 
geotechnical risk. This paper addresses this issue, presenting research-driven methods to 
reduce geotechnical risk using the increased data now available. 

In this paper, a typical urban tunnel boring machine (TBM) project environment is pre- 
sented and data from tunnel projects is used to demonstrate method efficacy. The quantifica- 
tion of baseline spatial geotechnical parameters and their uncertainty is first presented, and 
the consequential risks that exist during tunnel construction, e.g., ground and building 
deformation, stuck TBM, clogging, groundwater inflow, etc., are calculated. Geotechnical 
monitoring data and TBM data collected during tunnel construction is used with back- 
analysis techniques to improve estimation, including decreasing uncertainty, of geotechnical 
parameters. This is demonstrated using 3D computational modeling of ground deformation. 
Inference to machine learning/empirical model-based estimation of clogging and TBM cutter- 
head wear risk (that leads to project delays) is made. The paper then presents a Bayesian 
approach to updating estimate magnitude and uncertainty of tunneling-induced ground 
deformation by using the monitoring data and back-analysis. 


2 TUNNEL PROJECT INFORMATION 


In current practice, tunnel project information is gathered both prior to and during tunnel 
construction. The magnitude of information gathered during construction far exceeds the 
information gathered prior to construction. The most useful apriori project information 
gathered includes that from geotechnical site investigation and from assessment of existing 
infrastructure. Figure 1 shows a typical urban tunnel alignment, in this case a metro subway 
tunnel alignment in Seattle, Washington that includes multiple station excavations as well as 
6 km of twin tunnels. Typical tunnel project site investigation involves drilling boring logs 
for sample recovery and/or in-situ testing with spacings on the order of 50-100 m along the 
tunnel stretches and 10-30 m spacing within station excavations. The results of 
a geotechnical site investigation are typically compiled in a factual geotechnical data report 
(GDR), geotechnical interpretation report(s) and often a geotechnical baseline report 
(GBR) that sets a baseline of anticipated ground conditions used contractually by all parties, 
e.g., to bid the job, assess differing site conditions, etc. 
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Figure 1. Typical urban tunnel project cross-section with borehole spacings of 50-100 m for tunnel 
reaches and 10-30 m within station excavations. This figure conveys the profile of the Seattle Northlink 
metro extension project constructed from 2014 to 2022. 
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Apriori assessment of existing infrastructure include predictions of tunnel-induced green- 
field settlement along an alignment, based on a gross assumption of TBM-induced ground 
loss (convergence). A geotechnical and structural monitoring layout is developed and 
deployed prior to the start of construction. Such monitoring systems are extensive and include 
robotic total station monitoring of building and utility movements, surface and subsurface 
ground displacements, and groundwater pressures. Data collected within the tunnel construc- 
tion operations is extensive. TBMs are routinely outfitted with hundreds of sensors, including 
sensors that monitor the pressures imparted by an TBM to counteract the groundwater pressure 
and earth pressures (effective stresses) existent at tunnel elevation. 

In current practice, all data are gathered in real time, time synchronized and visually rendered 
using a number of commercially available data management software packages. Figure 2 shows 
the various categories of data and the integration of these data categories into relational 
databases. Figure 3 presents one 3D visualization of integrated data during construction of 
a metro tunnel project. Data shown here includes design and as-builts for the tunnel and 
station, existing assets such as the viaduct bridge, geotechnical information including bore- 
holes and sections, and instrumentation and monitoring points with vectors conveying the 
displacement magnitude. This information is analyzed together for feedback analysis and 
observation engineering, providing the basis for back-analyzing geotechnical properties, 
verifying and updating predictions and updating target TBM operating parameters. 
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Figure 2. Integration of data for analysis via relational databases. Knowledge gained can be used to 
update predictions. 
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Figure 3. 3D visualization of tunnel progress, geotechnical boreholes, instrumentation and monitoring 
locations/data and existing infrastructure (courtesy Maxwell Geosystems). 


3 QUANTIFYING GEOTECHNICAL UNCERTAINTY AND RISK APRIORI 


Many risks during tunneling are attributed to geotechnical uncertainty, whether it is uncer- 
tainty in lithological boundaries or uncertainty in geotechnical parameters within 
a lithological unit. The state of practice in tunnel projects is to present a deterministic geo- 
logical profile such as shown in Figure 1. Sometimes, but not always, there are question 
marks at transitions and statements of positional uncertainty. Further, tables of geotechnical 
parameters are generally provided for each lithological/engineering soil or rock unit. While it 
is accepted that uncertainty exists, it is seldom quantified in a useful manner. This leads to 
subjective risk assessments with respect to geotechnical conditions. 

Recent advances in applied geostatistics are beginning to find their way into tunnel design 
and construction practice. Geological classification for tunneling projects has moved towards 
an engineering classification system where ground with similar geotechnical/engineering proper- 
ties are grouped into individual units (e.g., engineering soil units, ESUs), similar to lithological 
units or facies in conventional geology terms. There are a number of geostatistical methods for 
modelling such units including transition probability geostatistics (T-PROGS), pluri-Gaussian 
simulation and multipoint statistics (Carle & Fogg, 1996; Armstrong, et. al 2011; Mariethoz & 
Caers, 2014). These methods consider the spatial trends (extents, contacts, etc.) in the units and 
derive probabilistic measures of the presence of each individual unit at unsampled locations. 

As shown in Figure 4, the transition probability t; from any one ESU i (columns) to the 
same or a different ESU k (rows) with respect to distance and direction is calculated per 
Equation (1) from the site investigation data (black points) and a continuous model (red line) 
fitted to the data. Transition probabilities (transiograms) are determined separately for hori- 
zontal and vertical dimensions due to the depositional influence. The diagonal t; values equal 
1 at h=0 and thereafter decrease and plateau to the global proportion of the respective ESU. 
The off-diagonal t; values equal 0 at h=0, grow h and plateau to the global proportion. At 
any h, the sum of probabilities must equal 1.0. This is a constraint to the fitting of the continu- 
ous-lag Markov Chain model, which will result in some error between the data and the fitted 
model. It warrants mention that due to the spacing between boreholes, it can be difficult to 
assess the transition probability in the horizontal direction when boreholes are spaced hun- 
dreds of meters apart. However, in subsurface infrastructure projects, we often see borehole 
spacings on the order of 10 m, particularly around stations, shafts, and critical assets. 
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Figure 4. Horizontal and vertical transiograms from Seattle Northlink metro extension project data 
revealing the probability of transitioning from one ESU (as depicted in columns) to another (depicted in 
rows) as a function of distance. 


Geotechnical parameters are also analyzed in a geostatistical framework in a similar manner. 
The variance y(/) in a continuous in-situ test or geotechnical parameter (e.g., SPT blow count, 
moisture content, fines content, etc.), and a continuous model (e.g., variogram) is fit to the data to 
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Figure 5. Horizontal and vertical variograms from Seattle Northlink metro extension project data 
showing standard deviation of SPT blow count and water content as a function of lag distance. 
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estimate geotechnical properties at unsampled locations. Figure 5 presents an example for the SPT 
Nio) and moisture content w variograms for each ESU. Here, the square root of variance \/y(h) 
is shown with units of the parameter. Similar to transiograms, both vertical and horizontal vario- 
grams are developed to account for the deposition-induced anisotropy the exists. A comparison of 
Figure 5(a) and (c) with Figure 5(b) and (d) show the clear differences, particularly in the range. It 
is also clearly important that variograms are calculated independently for each ESU as the spatial 
trend in geotechnical properties differs for each ground type. For example, Figure 5 shows much 
higher Nj 60) variance for the till deposit (TLD) than all other ESUs. 


o 
© 


x,y, tunnel invert < z < tunnel crown 


E 90 % CI 
= — Mean wear 
PR = 20 mmirev 


° 
N 


Wear 
per 100 rings (mm) 
NE, - 
a on 


o 
D 


9 12 
Chainage (feet x 1000) 


Figure 6. Mean estimation and uncertainty in estimation of tool wear prior to tunnel construction. 
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Figure 7. 3D model of clogging potential risk prior to construction using geostatistical data from the 
Seattle Northlink tunnel project. 


4 UPDATING UNCERTAINTY AND RISK ASSESSMENT DURING 
CONSTRUCTION 


Each of the above examples of risk assessment prior to construction can be updated during con- 
struction as additional data is collected. TBM data and geotechnical/structural monitoring data 
provide significant insight into actual geotechnical conditions. One example where learned 
information during tunnel construction can add value is in regards to tunnel-induced ground 
deformation. 3D computational modeling is commonly used to examine TBM-induced ground 
deformation. A ground model with best-estimates of constitutive parameters is commonly 
developed. During construction, the actual TBM face, annulus and grout pressures can be used 
in the model (e.g., Mooney et al. 2016). Differences between observed and predicted ground 
deformation serve as a basis for model calibration, wherein the geotechnical parameters are 
adjusted until the model and actual deformations match. 
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Calibrated TBM-ground interaction models can then be used to improve estimates of 
impending tunnel-induced ground deformation, and therefore reduce the risk that TBM-induced 
deformation exceeds a damage threshold of an overlying structure. For example, Figure 8a shows 
ground surface settlement S, predictions (blue lines) for a monitoring location as the TBM passes 
beneath. The most probable and 95% probability intervals are shown in blue and blue dashed 
lines, respectively. The model parameters have been calibrated and the resulting uncertainty stems 
simply from uncertainty/variability in ground parameters. In this case, the uncertainty is consider- 
able The alert, action and alarm settlement levels are shown in the green, yellow and red lines, 
respectively. Figure 8a shows there is a high probability that S, will exceed the alarm level. As the 
TBM approaches the monitoring plane, measured settlements can be compared with predicted 
settlement statistics to update the probability of exceeding settlement limits. 

Figure 8 presents the results of the Bayesian analysis for TBM positions between x = 10 m, 
i.e., surface settlement monitoring is 10 m ahead of the TBM face, and x = -30 m, i.e., TBM 
face is 30 m beyond the surface settlement monitoring plane. Figure 8a and 8b show the 
results for x = 10 and -30 m, respectively. A Gaussian settlement curve model is fitted to the 
observed data (black points) and extended to x = -50 m as represented by the solid blue line. 
The propagated error in the fitted curve is represented by the dashed blue lines. Figure 11c 
summarizes the predicted and 95% probability interval for each x analyzed. While the uncer- 
tainty in predicted final S, is high (+15 mm) when the TBM face is 10 m from the monitoring 
plane, the uncertainty is significantly reduced at x = 5 m. This implies that the magnitude of 
final settlement can be estimated with a degree of confidence within +5 mm prior to the TBM 
face passing the monitoring plane. Knowing this predicted S,, TBM face, annulus and tail 
void grouting pressures can be adjusted as needed to reduce the probability of exceeding 
action/alarm/alert levels. 
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Figure 8. Results of the nls regression analysis to predict the maximum surface settlement. 


5 CONCLUDING REMARKS 


The very high level of geotechnical uncertainty and geotechnical risk during the planning and 
design phase of a tunnel or underground construction project is attributed to current site 
investigation techniques that result in a very low fraction (e.g., less than 0.01%) of the ground 
being characterized. While advances in sampling, in-situ testing and geophysics will increase 
this fraction, it is very difficult to conceive a day when the majority of the ground will be well 
characterized prior to project construction. To this end, the geotechnical and tunneling 
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community must continue to develop tools to better characterize uncertainty and associated 
risk given high levels of uncertainty, and to develop techniques that locally reduce uncertainty 
and associated risk by using the extensive monitoring data during construction. Such informa- 
tion is localized to the important zone of influence and can be used in a ‘just in time’ fashion 
to reduce geotechnical risk. 

This paper has demonstrated how site investigation data can be used to develop pre- 
construction predictions of important subsurface project aspects, including tunneling-induced 
ground deformation and TBM performance prediction, e.g., tool wear, clogging risk. These 
apriori probabilistic predictions carry a high degree of uncertainty. The value of such predic- 
tions is therefore tempered by such high uncertainty. As the paper showed, however, the 
uncertainty can be dramatically reduced through Bayesian updating. This paper presented 
such a case where the estimated TBM-induced ground deformation evolved from essentially 
100% probability of exceeding action level prior to construction to negligible (< 1%) probabil- 
ity of exceeding action level using Bayesian updating. A similar approach can be applied to 
numerous practical aspects of geotechnical risk including tool wear, clogging risk, and TBM 
performance estimation. The underlying reason why this is possible is due to the ability of 
sensing data and simple backanalysis techniques to provide localized, low uncertainty data 
about the ground conditions. 
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ABSTRACT: The single most significant challenge facing the field of tunneling is not being 
able to know with a fair degree of certainty what lies underneath the surface. Despite the avail- 
ability continuous machine performance data recorded by TBMs, and despite much previous 
research, real time forecasting models for ground conditions still do not exist. Without models 
that predict geology and the related uncertainties, automation of tunneling construction is 
nearly impossible, since these models are needed for real time optimization of tunneling oper- 
ation. In this paper we briefly review the existing research and available predictive Machine 
Learning models that have been developed to forecast ground during TBM construction, and 
we list their main limitations. Suggestions for future research, are provided to develop more 
robust and generalizable geological forecasting models. Insights from a case study are used to 
illustrate two potential solutions to improve ML model prediction performance. 


1 INTRODUCTION 


The automation of construction machines has grown rapidly in the recent years to increase 
the productivity, increase the construction safety, decrease costs, and overcome the need for 
qualified labor. However, automation of heavy mechanized tunneling has been slow moving 
and the current practice of tunneling construction still relies heavily on the experience and the 
human judgement of the machine operator, making the process inefficient and even unsafe, 
eventually leading to undesirable consequences, such as delays and cost overruns. Prediction 
of ground conditions in TBM tunnels has been a topic of research for many years. The initial 
models were based on probabilistic approaches using Markov Chains (e.g. Chen, 1981) or 
dynamic Bayesian Networks (Sousa and Einstein, 2012) — a more complex form of a Markov 
Chain. More recently the proliferation of data driven machine learning (ML), has generated 
a groundbreaking number of research that focus on the development of ML based models for 
ground prediction. Those models range from the “traditional” neural networks to the more 
complex ensemble modeling, where multiple diverse base (ML) models are used to predict an 
outcome. Despite the large number of efforts, the existing models still have considerable limi- 
tations which make them not suitable for automation. In this paper we summarize the existing 
research on ground prediction using ML based models and summarize the limitations of those 
models. In the remaining of the paper, we focus on two potential approaches to improve 
model performance. The first one focuses on improving the model using a methodical and 
rational method to select the “right” set of input features; the second focus on improving the 
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data by discovering incorrect labels within datasets and cleaning them. To illustrate these two 
approaches, the results of two studies by the authors are discussed. 


2 GROUND FORECAST ML MODELS 


2.1 Existing research in ML 


The increase of data availability from TBM and the significant advances in machine learning 
have resulted in a great number of research efforts that make use of ML algorithms to attempt 
to forecast ground in TBM tunnels. Machine learning algorithms are often categorized based 
on how they learn from data: supervised learning, unsupervised learning, semi-supervised 
learning, and reinforced learning. Supervised learning is when human act as the “experts” and 
provide training data containing “correct answers” — the labels. Examples are: Neural Net- 
works (NN), Bayesian Networks (BN), Support Vector Machines (SVM), Decision Trees 
(DT). In unsupervised learning, the algorithms are trained with unlabeled data. These models 
are particularly used in pattern detection. The most common unsupervised algorithms are 
clustering methods such as k-means clustering and Spectral Clustering. Semi-supervised algo- 
rithms fall in between supervised and unsupervised learning. This happens when there are 
labels only for a few observations. Finally reinforced learning is a growing subset of machine 
learning that involves a software making decisions trying to maximize a prioritized reward. 
These are dynamic models, and their most common applications are in robotics. 

Most ML based ground forecast models developed are based on supervised learning and rely 
on labels produced by human experts. Examples include NN, SVM, K nearest neighbor (K NN) 
and classification and regression trees (CART) (e.g. Zhao et al., 2019; Zhang et al., 2020). 
Ensemble methods, which combined several algorithms to improve model performance, have 
become extremely popular in the recent years and that is also true for ground forecast models, 
such as AdaBoost or gradient boosting (e.g. Hou et al., 2021). Due to the dynamic nature of 
tunneling, artificial recurrent neural networks (RNN), such as LSTM neural networks have also 
been used in the prediction of ground conditions in tunneling (e.g. Liu et al., 2021). 

Fewer studies use unsupervised learning techniques (when labels are not available) to cluster 
ground type into classes of ground that share similar characteristics considering a few TBM 
data (e.g. Zhang et al., 2019, Yin et al., 2022). Some of the techniques used include GMM, 
K-means++, DNN. A great disadvantage of unsupervised learning is that information 
obtained from the algorithm may not necessarily be sorted into the ground classes that one 
desires. For this reason, the most common application of unsupervised learning in tunneling is 
anomaly detection. 

Although, TBM datasets are large, most of the data label are unknown or uncertain. Des- 
pite that, most models developed use labels that are assigned by the human modeler, often 
interpolated from sections where face mappings are done, thus these “interpolated’ labels are 
quite uncertain. To address this issue a handful of researchers have employed semi-supervised 
learning algorithms to predict geologies from TBM data. Algorithms used include generative 
adversarial network (GAN) (e.g. Zhang et al., 2021), sparse Autoencoder SAE and DNN (Yu 
et al., 2021). Despite promising results, semi-supervised learning is most suitable for simple 
problems — it can be used to attempt to label data automatically without human supervision, 
however, is often less accurate that supervised learning. 


2.2 Limitations 


Despite the large number of efforts in developing ML models that predict ground conditions 
based on TBM data, and promising results, the existing models still not ready to be deployed 
for real time ground prediction. The reasons range from the quality of the data to the model 
choice and performance. In this paper we will focus on two issues that affect ground prediction 
models and will address those with possible solutions. The first one, is the way input feature for 
modeling development are selected. The set of input features, i.e. TBM parameters, used to 
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build ground prediction models varies widely. Some models use a few parameters, selected 
based on engineering judgement, which lead to leaving out parameters that are informative 
regarding the ground and its behavior during tunneling. Other models use tens of parameters 
which increases the computational effort and cost increases. In both cases there is almost never 
a systematic way of selecting these input features. Some models even use input features that are 
not related to the ground or tunneling processes, such as primary voltage of transformers and 
initial pitch angle and somehow produce high performing models. These led us to question 
some of the existing models in terms of their performance in a real-world scenario. 

The second limitation is data quality. Labelling in TBM datasets is very uncertain as 
explained above. So, the question is are we unknowingly benchmarking our ML models using 
erroneous test sets? If this is true, the models we are generating models will not generalize well 
to other datasets (i.e. other tunnels). Furthermore, attempts to clean datasets are often random 
and based on detecting outliers, however this is not necessarily the best way to identify noisy 
labels and clean a dataset, as outliers and noisy labels are not necessarily the same thing. 


3 MODEL OR DATA IMPROVEMENT? 


3.1 Case study on model improvement 


This section presents a summary of the results of a case study developed by the authors (Saad 
et al, 2022) to show case a solution to the first issue — model input feature selection. 

Saad et al, 2022 describes an approach to systematically selecting input features in the con- 
text of ground prediction in TBM tunnels. This approach starts by initially considering all 
TBM parameters as potential input features for the model, then it follows the steps 
sequentially: 


1. Remove redundant parameters, i.e. highly correlated parameters. This is done using correl- 
ation heatmaps that show the correlation between pairs of TBM parameters. Redundant 
parameters (i.e. correlation greater than 0.8 or smaller than -0.8) are reduced to one repre- 
sentative parameter. 

2. Follow typical steps of data processing which include cleaning the data (remove datapoints 
with missing labels), remove outliers, normalize the data, and split the data for training, 
testing and validation. 

3. Hyperparameter optimization. This is done to optimize the learning algorithm. The type of 
parameters to optimize depend on the ML algorithm chosen. There are also several 
approaches that can be used in this step that include grid search and Bayesian optimiza- 
tion. The right approach depends on the ML problem as well as the computing time 
“budget” that one can afford. For more information on approaches for hyperparameter 
optimization see e.g., Wilson et al, 2018. 

4. Feature importance ranking (FIR). In this step the relative contribution of an input feature 
to in the model is computed. Again, there are several methods to perform FIR. In Saad 
et al, 2023, we used XGBoost’s built-in method for feature selection (see Hastie et al., 
2009). In this step the features with importance less than 1% are eliminated. 


Saad et al., 2022 uses the dataset from a TBM tunnel in a granite heterogeneous formation, 
classified, for analysis purpose, into the labels: Soil (g5), Mixed (mix of all groups) and Rock 
(g2 and g3). The layout of the project is shown in Figure 1. The data used in the case study 
ranges from station 0+656 until 0+2418 km. 182 operation parameters were recorded by the 
TBM (see Sousa and Einstein, 2012 for more details on the project). 

The ML model goal is to predict the correct label based on TBM parameters. Table 1 shows 
the performance results of two models: Model 1 without feature importance ranking (i.e only 
steps | to 3 are used in the analysis); Model 2 with Feature importance ranking and elimination of 
the features with importance less than 1%. In addition, for this paper, we developed a model 
based on a few parameters selected based on the literature and engineering judgement (Model 3). 
One can observe that Model 2 has the best performance overall and across all classes 
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Fig. 1. Porto metro line C layout and geotechnical profile (adapted from Sousa & Einstein, 2012). 


demonstrating the importance of feature importance ranking and elimination of features that do 
not contribute to the model. More importantly, the model with a few features, Model 3, selected 
based on engineering judgement performs considerably worse than the other two models, indicat- 
ing that the eight input features do not provide sufficient information to capture behavior of the 
TBM-ground system. 


Table 1. Number of input features and fl-score. 


Metric/Ground Type Model 1 Model 2 Model 3 


Number of input features 62 44 8 
Weighted* f1-Score 0.901 0.925 0.77 


* Weighted average of the fl-score of each ground class 


3.2 Case study on data improvement 


Traditionally, machine learning as focus on which model learns best with noisy labels, instead 
of attempting to identify which data has been mislabeled and clear the datasets. Recently, the 
focus has started to shift and improving data quality, more specifically by identifying label 
errors in datasets, is gaining increased attention. In this paper we present a framework that 
can be used to do exactly that: confident learning (CL). 

CL is a framework that uses the output (out-sample probabilities) of a ML supervised 
model combined with probability theory to estimate the joint distribution of noisy (original 
assigned labels) and true labels. It then uses these Joint probability distributions to estimate 
the probability that a datapoint has been mislabeled. To rank the labels with problems 
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(potentially mislabeled), for pruning purposes, the framework calculates a label quality score 
which reflects the probability of a datapoint belonging to the initially labeled/noisy class (see 
Northcutt et al. 2021b for more details on CL). 

To demonstrate the effectiveness of CL, the results of a case study application are pre- 
sented. CL was applied to the same dataset used in 3.1 (Sousa and Einstein, 2012). We use 
XGBoost algorithm to obtain out-sample probabilities and employ the CL framework. Based 
on the label quality ranking we created a “partially” Clean Dataset by removing datapoints 
with label quality below 0.2 and develop a new model based on this Clean Dataset. Table 2 
compares the performance of the model trained on the partially cleaned dataset and the per- 
formance of original dataset. Note that for this particular application the ML algorithm used 
was XGBoost, and feature selection followed the steps described in section 3.1. However 
instead of using the XGBoost’s built-in method for feature selection, we used mutual informa- 
tion score as a method of selecting the model input features. 

Removing the most “problematic” labels from the original dataset results in a much better 
performance of the ground prediction model (from 0.91 to 0.94). Removing all problematic 
labels would most likely result in a decrease of model performance since there must be 
a trade-off between having “enough” data to train the models and cleaning dataset. 


Table 2. Performance of the model 1 versus model trained on partially clean dataset. 


Partially Clean Dataset (points with 


quality label < 0.2 were removed) Original Dataset (Model 1) 

Soils Mixed Rock Soils Mixed Rock 
Precision 0.95 0.95 0.93 0.93 0.94 0.875 
Recall 0.95 0.92 0.96 0.93 0.86 0.95 
fl-score 0.95 0.93 0.95 0.93 0.89 0.91 
Weighted fl-score 0.94 0.91 


for the dataset 


4 SUMMARY AND CONCLUSIONS 


This paper discusses some of the limitations of existing ground prediction models for TBM 
tunnels. It’s clear that despite numerous efforts to develop ground prediction models for 
TBMs, the existing models cannot be used for automation as yet. Two strategies to improve 
model performance that we believe to be essential towards creating “better” models for auto- 
mation are presented and illustrated through two case studies. 

The first strategy focuses on improving the ML model itself, more specifically on selecting the 
“right” inputs. The results of the case study presented in section 3.1 reinforce the statement that 
a (machine learning) “model is only as good as the input features that it is trained on”. In fact, 
feature selection through a systematic evaluation and ranking of the input variables is crucial, with 
results that indicate significant improvements in model performance when feature selection is per- 
formed (from 0.77 to .92). Most existing models use more “traditional” ways of selecting these vari- 
ables and may be missing features that contribute significantly to the model’s prediction power. 

The second strategy focuses on the data, on improving the quality of datasets. This is 
a less common approach, but one we believe to be crucial if one wants to use ground fore- 
cast for real world applications, as real data are always noisy. In this second application, we 
adapt Confident Learning (CL) a framework created to clean image datasets, and apply it to 
the case of ground prediction in TBM tunnels. The results show that removing the most 
problematic data points (i.e. the data points with the lowest label quality) results in an 
improvement in the model’s performance. Further research will be needed to determine the 
optimal methodology for cleaning databases (i.e. which labels to remove? And how many? 
Label quality cutoff?). 
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Study on the digitalization of tunnel inspection using deep learning 


Y. Ohara, T. Nakayama, A. Miwa & T. Shimizu 
Railway Technical Research Institute, Kokubunji, Japan 


ABSTRACT: Approximately 70% of Japan’s railroad tunnels are over 60 years old. To 
ensure safety, regular inspections once every two years are obligated by law and soundness 
judgement is conducted by skilled inspectors. However, the soundness judgment is partly 
based on qualitative criteria of each inspector, and this could increase variability of judge- 
ments. In addition, it is expected to be more difficult to secure skilled inspectors in the future 
due to the declining birthrate. Therefore, we used deep learning to automatically judge the 
soundness of cut and cover tunnels for the purpose of improving efficiency of the inspections. 
In this study, the accuracy of automatic judgement verified by using the actual soundness 
judgement in the inspection and the accuracy was confirmed to be approximately 60% if the 
safe side judgement was treated as correct. 


1 INTRODUCTION 


There are approximately 4,800 railroad tunnels with the length of 3,700 km in Japan. 
Approximately 70% of these tunnels are over 60 years old, and Japan’s railroad tunnels have 
already entered an era of maintenance. In order to keep tunnels in service safely, appropriate 
maintenance is carried out by the operators. In general, in addition to daily patrols, a “general 
inspection” is conducted once every two years. In a general inspection, skilled operators judge 
the soundness of tunnels through visual surveys from the track surface and tapping sound sur- 
veys using aerial work platform (Figure 1). As described above, visual and sound surveys are 
the main methods used to inspect tunnels, placing a heavy burden on the inspectors. In add- 
ition, soundness is often based on non-quantitative criteria, which may lead to variability in 


Visual survey Tapping sound survey 


Figure 1. General inspection. 


DOI: 10.1201/9781003348030-339 


2813 


inspection results. As the working population decreases in the future, the challenge is how to 
improve the efficiency and accuracy of inspection work. 

In response to this situation, digital technologies have been developed in recent years to 
improve the efficiency of tunnel inspections. Specifically, there are technologies such as con- 
tinuous photographing of tunnel lining (Chun and Igo, 2015) and crack extraction using 
machine learning (Kaise et al. 2020), as shown in Figure 2. In particular, many railway oper- 
ators have recently started to take continuous photograph of lining. However, existing tech- 
nologies have not yet reached the stage of practical application for performance confirmation 
(judgement of soundness) based on investigation results. 


\ Line sensor camera 


Figure 2. Continuous photographing of tunnel lining. 


Therefore, we have been studying a method to automatically detect deteriorations from 
continuous images of railroad tunnel linings using deep learning, and to automatically judge 
soundness based on the result of deterioration detection for the purpose of impoving the effi- 
ciency of tunnel maintenance. In the previous study (Ohara and Nakayama, 2022), the accur- 
acy of automatic soundness jugement was verified with “the result of applying automatic 
soundness jugement to human-extracted deteriorations” as the correct answer, whereas in this 
study, the accuracy was verified with the actual soundness judgment by inspectors. 


2 PROCEDURES OF THE STUDY 


The procedures are composed of two steps as shown in Figure 3. First, a trained model that 
automatically detects deteriorations from images was created using deep learning. Second, 
soundness is automatically judged based on the deterioration detection results of the first step. 


(1) Object detection using deep (2) Automatic soundness 
learning judgement 


| h 
g 3 \ \ 


Automatic 
soundness 
judgement 


Trained Object 


‘ Verification 
model detection 


Figure 3. Procedures. 


2.1 Object detection using deep learning 


Firstly, a trained model to detect deteriorations from images by object detection is created using 
deep learning. Object detection is a method of identifying the location of a target object in an 
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image using a rectangular box (bounding box) and determining the class of the object (Figure 4). 
The classes of deterioration focused on are efflorescence, water leakage and leaking rust, as suffi- 
cient training data of them is available and their effect on soundness is considered to be 
significant. 

EfficientDet(D0) pre-trained with the CoCo dataset was used as the initial network model, 
and was trained with training data described below. Further explanation on the network model 
is mentioned later in chapter 3. In object detection, confidence score indicating the reliability of 
the prediction is output for each bounding box, and bounding boxes with confidence score over 
a certain threshold (confidence threshold) are valid (Figure 4). In this study, the confidence 
threshold was adjusted to 20% to obtain a favorable result. The hyperparameters were tuned 
and ones with the smallest tendency of overfitting were selected (described later in section 3). 


Prediction SSS Ee 


Bounding boxes with 
confidence score over a certain 
threshold are displayed 


~ 


Figure 4. Object detection. 


The procedure of creating training data is as follows. Firstly, appropriate images that cap- 
tured deteriorations clearly were selected from images taken during inspections. Secondly, 
information on location and class of the deteriorations was assigned to each image to create 
training data (Figure 5). The quantity of the training data is shown in Table 1. The number of 
data was augmented by randomly processing images (flipping horizontally, vertically, and 
resizing) in the beginning of the training (Figure 6). 


Information 
on deterioration 


Image 


Figure 5. Example of training data. 


Continuous photographs of cut and cover tunnels taken by two railroad operators (Operators 
X and Y) were adopted as test data. Continuous photographs are obtained by mounting several 
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Figure 6. Data augmentation. 


Table 1. The amount of the training data. 


Class Number* 
Leaking rust 225 
Water leakage 505 
Efflorescence 230 


* Before data augmentation 


line sensor cameras on a vehicle in the circumferential direction of the tunnel and moving the 
vehicle in the axial direction of the tunnel (Figure 2). Figure 7 shows examples of test data. As 
shown in the figure, each photograph is 10 m wide in the direction of the tunnel axis. 215 
images were collected from Operator X and 102 images from Operator Y (317 images in total). 


Cut and cover tunnel 


Figure 7. Examples of test data. 


2.2 Automatic soundness judgement 


Next, soundness was automatically determined by applying a judgment matrix (Table 2) that 
was originally devised to the deterioration detection results. 

The judgment matrix was created with reference to the Maintenance Standards for Railway 
Structures and Commentary (Tunnel) (Railway Technical Research Institute, 2019), focusing on 
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Table 2. Soundness judgement matrix. 


Deterioration of components 


with with efflorescence 
Performance Exposed leaking water or trace of only 
Item Criteria of judgement rebar rust leakage water leakage cracks 
Other than 
Other than below > ia Ç c > 
z the below External force 
ee of ae pattern* A A B C C 
tunne racks Other than 
structure New orin below AA or A A 
progres- External force 
sion** paienn AAorA 


* A characteristic cracking pattern seen when the tunnel is deformed, settled, or moved 
** All images with deteriorations are classified as “other than the below” in the upper row as the current 
automatic judgment system is based on images at a certain period of time 


the stability of the tunnel structure, which requires a relatively high level of expertise, to provide 
a judgment on the safe side. For the “external force pattern” (a characteristic cracking pattern 
seen when the tunnel is deformed, settled, or moved), we focused on the fact that deteriorations 
tend to be concentrated when the soundness is poor, and classified as an “external force pattern” 
when the sum of the lengths of the bounding boxes in the tunnel axis direction exceeds 25% of 
that of the image. In inspections, judgement of soundness is generally categorized into ranks A, 
B, C, and S based on survey results. Rank A indicates the state that thretens safety, B a deterior- 
ation that might result in a future soundness rank of A, C a slight deterioration, and S sound. 


Table 3. Verification of the automatic soundness judgement in the previous study. 


Correct answer* 


AAorA B C 
. AAorA 5 2 0 
Automatic B 0 32 2 
soundness C 0 5 36 
judgement S 0 0 3 


* Correct answer was created by applying the judgment matrix to the deteriorations 
extracted by experts 


Then, the accuracy of automatic soundness judgement was verified. Table 3 shows the results 
of the accuracy verification in the previous study (Ohara and Nakayama, 2022). Table 3 shows 
that a certain level of accuracy was obtained in the automatic soundness judgment. However, 
the “correct answer” here is created by applying the judgment matrix to the deteriorations 
extracted by experts, and is not the actual soundness in inspections. Therefore, the actual sound- 
ness judgment by inspectors was used as the correct answer to verify the accuracy in this study. 


3 CREATION OF A TRAINED MODEL 


A trained model to detect deteriorations from images by object detection is created using Ten- 
sorflow Object Detection API, which is an open source machine learning library provided by 
google. In this study, transfer learning, where EfficientDet(D0) (Tan et al. 2019) pre-trained 
with the CoCo dataset was used as the initial network model, was adopted and the model was 
trained with the training data described above in section 2.1. Figure 8 shows the overall 
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architecture of EfficientDet. EfficientNet is employed as the backbone network. BiFPN is 
adopted as the feature network to take features from the backbone network and apply feature 
fusion. These fused features are sent to class and box network to produce predictions. 


Class prediction net 


i “4 Ai 
” . y ~ 7 “a i 
J i lra conv »({ conv j= 

P,/16 —$——— + À 5 eae + (conv) t 

r KOE, N EN of ekam 
| ' 
1 
' 


bi 
i 
a Box prediction net 
= my se 
Pa/8 ' 
P./4 BiFPN Layer 


Input 


EfficientNet backbone 


Figure 8. EfficientDet architecture (Tan et al. 2019). 


The hyperparameters were tuned when creating a trained model. Specifically, we trained 
a total of 27 cases by manually changing the hyperparameters in the ranges shown in Table 4. 


Table 4. Training conditions. 


Hyperparameters Tuning range Selected value 
Optimization algorithm Momentum Momentum 
Batch size* 2-8 8 
Learning rate Base 0.05 0.05 
Warmup rate 0.0009 0.0009 
Warmup step* 3,000-5,000 3,000 
L2 regularizer weight* 0.000001-0.5 0.001 
Step* 5,000-500,000 100,000 


* Hyperparameters tuned in this study. 


Figure 9 shows examples of deterioration detection. The accuracy of deterioration detection 
is different between trained models. Figure 9(a) shows a mistake example, where pillars are 
mistakenly predicted as efflorescence. Figure 9(a) shows a right example, where efflorescence 
and leaking rust are predicted correctly. In this study, the hyperparameters were adjusted to 
obtain favorable detection results. 

The rightmost column of Table 4 are the learning conditions for the case selected as a result 
of tuning (hereinafter referred to as the “optimal model”), and Figure 10 shows its learning 
curve. Learning curve is generally used to roughly evaluate the accuracy of trained model or 
the occurrance of overfitting, and learning is considered fine when the validation loss 
decreases as the learning step progresses. 

Although the tendency of overfitting impoved by the tuning to some extent, the effect of the 
tuning was limited within the scope of the present study. There seems to be room for further 
improvement, such as adding training data, in the future. 


4 VERIFICATION OF AUTOMATIC SOUNDNESS JUDGEMENT 


Automatic soundness judgement was conducted based on the deterioration detection results of 
optimal model, and the accuracy was verified through comparing the predicted soundness with 
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Figure 9. Examples of deterioration detection. 
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Figure 10. Learning rate curbe of the optimal model. 


the actual soundness judged by inspectors. Precision, Recall, and Accuracy were used as they are 
commonly used to evaluate accuracy. The formulas are shown in Table 5, Formulas (1) to (3). 


TP 
bie I 
Precision TP} FP (1) 
TP 
eee ee 2 
Recall TP LEN (2) 
TP + FN 
Accuracy = T (3) 


TP + FP + FN + TN 


where TP = true positive; FP = false positive; FN = false negative; and TN = true negative as 
shown in Table 5. 
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Table 5. Confusion matrix (example of soundness rank A). 


Correct answer 


A Other than A 
Automatic A TP FP 
soundness judgement Other than A FN TN 


Table 6 shows the results of the accuracy verification. The overall accuracy is approximately 
30%, and the accuracy is approximately 60% if the safe side judgement was treated as correct. 
Table 6 indicates that the soundness is automatically predicted with a certain accuracy. 


Table 6. Verification of the automatic soundness judgement 


Correct answer* 


Operator X A B C S Precision 

A 0 2 5 0 0.00 
Automatic B l 51 56 4 0.46 
judgement C 0 7 25 3 0.71 

S 1 11 47 2 0.03 
Recall 0.00 0.72 0.19 0.22 0.36** 

0.69*** 
Correct answer* Precision 

Operator Y A B C s 
Automatic A 0 0 1 4 0.00 
judgement B 0 8 21 9 0.21 

C 0 1 13 3 0.76 

D 0 8 34 0 0.00 
Recall 0.00 0.47 0.19 0.00 0.21** 


* Actual soundness in inspections 
** Accuracy 
*** Accuracy if the safe side judgement was treated as correct 


For Operator X, two images with soundness rank A were predicted to be level B and 
C (dangerous side), respectively. This seems to be because the current automatic judgement 
system does not take into account occurence or progression of deteriorations. Both of these 
images were judged to be soundness rank A in the inspection as they are new or in progres- 
sion. On the other hand, the current automatic judgment system is based on images at 
a certain period of time. 

Overall, the accuracy for Operator Y is lower than that of Operator X. This may be because 
of the difference of lining condition, such as the trend and quantity of deteriorations and the 
state of repair/reinforcement between the operators. This suggests the need to adjust the 
trained models and soundness judgement matrices for each operator in order to fully utilize 
the automatic judgement in actual inspections. 


5 CONCLUSION 


In this study, automatic soundness judgement using deep learning was conducted for cut and 
cover tunnels. The hyperparameters were tuned and the accuracy of the automatic soundness 
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judgement was verified using actual soundness judgments by inspectors as the correct answers. 
The following is a summary of the findings. 

The effect of tuning was limited within the scope of this study. Further improvement from 
other viewpoints, such as adding training data, may be necessary. 

The results of the automatic soundness judgment were compared with the actual soundness 
judgment by inspectors, and it was confirmed that a certain level of accuracy was obtained if 
the safe side judgement was treated as correct. 

The accuracy of the automatic judgment varied between the operators. This is assumed be 
because of the variation of lining condition, such as the trend and quantity of deteriorations 
and the state of repair/reinforcement between the operators. This suggests the need to adjust 
the trained models or soundness judgment matrices for each operator as necessary in order 
utilize the automatic judgment system in actual inspections in the future. 
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automated visual inspection of tunnels: A case study 
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Ove Arup & Partners Ltd., London, UK 


ABSTRACT: Effective asset management of underground infrastructure requires timely and 
detailed visual inspections for condition monitoring. To date, the common approach for 
visual inspections is heavily manual and can be slow, expensive, and subjective to the engin- 
eer’s experience. The present paper describes the end-to-end development of an automated 
visual inspection workflow. The proposed two-stage pipeline applies the state-of-the-art Deep 
Learning (DL) algorithms for object detection and tracking to identify structural defects in 
tunnels. Then, via a novel computer vision approach, it detects and tracks natural features for 
a precise sensor-less in-tunnel defect mapping. The output is a DL-powered digital twin of the 
inspected infrastructure. It drastically reduces manual input for repetitive tasks and focuses 
on the employment of highly trained engineers for validation purposes only. This means that 
engineering knowledge is more effectively spent. These results will impact the construction 
industry’s approach to visual inspections shifting it towards automated strategies. 


1 INTRODUCTION 


Asset management of large underground transportation infrastructure requires timely and 
detailed inspections to assess its overall structural condition and to focus available funds for 
intervention and maintenance where required. At the time of writing, the common approach 
to perform visual inspections is heavily manual, therefore slow, expensive, and highly subject- 
ive. Engineers are often required to inspect tunnels at night. If on one side such an approach 
grants continuity of the service, on the other hand it increases the fatigue level of the engineers 
(Office of Rail Regulation. 2012) with potential effects on their objectivity and on the overall 
repeatability of the inspection approach. 

A 2019 i3P study which gauged the limitations and opportunities across major European 
asset owners concluded that automated approaches for tunnel inspection could noticeably 
enhance the way visual inspection is performed, particularly with regards to data consistency 
and objectivity, and health and safety conditions. The automated visual inspection approach 
developed by the authors aligns with overcoming the challenges and limitations outlined in 
the i3P study. The solution integrates computer vision and machine learning techniques with 
the aim of reducing costs and hazards related to the visual inspection of tunnels while increas- 
ing its efficiency (in terms of time and personnel needed for the inspection) as well as its con- 
sistency and reliability. 

For these reasons, we developed a bespoke data capturing pipeline, designed to use com- 
mercial off-the-shelf technology, prioritizing ease of use and modularity and replaceability of 
components, allowing for interchangeability of the sensors depending on the inspection. All 
the components are supported by a modular aluminium frame that is easy to install on 
a range of maintenance vehicles (see Figure 1), from small rail carts to large maintenance train 
and multi-purpose vehicles (MPV). The automated data capture pipeline allows the inspection 
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to be translated from the tunnel to the office space where the engineer can safely review each 
frame within a user-friendly application. 

The solution also includes a stable Machine Learning (ML) based workflow for automated 
defect detection in the tunnel environment. The benefits derived from the introduction of ML 
for image understanding are manifold. The main benefit consists in replacing human subject- 
ivity and lack of repeatability with objective and consistent accuracy. Also, it contributes to 
reducing the overall time for inspection even further. 

In this paper we describe the end-to-end automated pipeline to perform visual inspections of 
underground infrastructure for asset management purposes. We analyse and quantify the eco- 
nomic benefit of this innovative approach compared with the traditional one. The outcome 
shows that the automated approach can reduce the time needed for the end-to-end inspection of 
large linear infrastructure by over 70% when ML is adopted for image understanding (Figure 5). 


2 LITERATURE REVIEW 


The construction industry’s tendency towards innovative approaches to remotely inspect their 
assets is not new. Madni, Madni and Lucero (2019) analyse the benefits of digital twin tech- 
nology for Model Based System Engineering (MBSE). In tunnelling, (Yu et al. 2020) combines 
digital twin and time series analysis for performance prediction of pavements in tunnels. Simi- 
larly, (Yu et al. 2021) demonstrates how this technology can be used for decision-making of 
operation and maintenance (O&M) of tunnels. So far, we discussed how digital twin can be 
useful for O&M of civil infrastructure. However, all start from the assumption that a digital 
twin already exists. Instead, (Wu et al. 2022), describe a novel method to generate the digital 
twin based on Building Information Modelling (BIM), surveillance videos and multi-source 
sensing data. In our paper, we aim to generate a mobile and scalable system for computer 
vision-based visual inspection. One of the main challenges of an automated pipeline for visual 
inspection of tunnels is represented by the amount of data to process. Tunnels are one of the 
largest asset types of transport infrastructure. Tunnel diameters can range from 2.5m up to 
18m, while their length is often in the range of tens of kilometres. To address this challenge, 
the use of fisheye lenses is becoming increasingly common (Mandelli et al. 2017; McDonnell 
and Devriendt. 2017; Panella et al. 2020). The angle of view of these lenses, commonly over 
120°, offers the versatility to capture wide areas with a manageable number of images. The 
downside of very wide-angle lenses is the distortion of the images, especially towards the 
corner, which makes the detection of small defects, like cracks, quite a challenging task. 

Another obstacle for image-based inspections is represented by the possibility of georeferen- 
cing the images. This is due to the lack of GPS (Global Positioning System) data in tunnels. In 
this regards, (Moisan et al. 2017; Panella et al. 2020) propose the use of photogrammetry for 
accurate geolocation of the images in the tunnel’s local coordinates. However, this approach 
relies on the installation and accurate surveying of the photogrammetric targets. 

With regards to automated defect detection with ML, this is not as new a topic as the digital 
twin. In civil engineering there are many assets management tools and infrastructure inspection 
applications that are potential cases for applied ML. A distinct sub-group of these performs crack 
detection to automate image-based visual inspection. The reason for such popularity is that cracks 
are considered one of the first symptoms of structural damage (Makantasis et al. 2015; Cha, Choi 
& Büyüköztürk 2017; Chen et al. 2017; Bang et al. 2018; Zou et al. 2018). The main challenge in 
this field is the availability of data. In (Cha, Choi & Büyüköztürk 2017) the authors estimate that 
10,000 images is the minimum number of instances per class to train a robust ML algorithm for 
crack detection. However, in civil engineering, especially when it comes to tunnels, the amount of 
available data is limited by multiple factors. One of those is the fact that, given a surface, whether 
it is a road pavement or a tunnel lining, the cracked areas usually cover a small percentage of the 
total inspected surface. From a less technical and more contractual point of view, in civil engineer- 
ing confidentiality agreements between the infrastructure owner and the surveying company often 
limit the availability of data usable to train ML algorithms (Panella et al. 2018). Another cause of 
data scarcity is the cost to produce accurate labelled data (Bang et al. 2019). 
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3 EXPERIMENTAL CAMPAIGN 
This paragraph describes in detail each step of the workflow (Figure 1) to perform automated 


visual inspections of tunnels. We start with data capture, followed by the algorithm for in-tunnel 
defect detection and mapping and, finally, we give an overview of the web-based dashboard. 


> | am | 
anet om | 


| Data analysis 
for structural 


condition 
| monitoring T 
> — ——_—————— 
= Defect detection Defect tracking -J 
(YOLO) | (DecpSon) | 
Data capture Equirectangu Automated Processing for defect detection, tracking, and mapping Bespoke dashboard for 


lar projection 


Figure 1. Automated tunnel inspection — Workflow. 


3.1 Data capture 


For concrete structures, cracks represent the first symptom of structural disease. In fact, the 
accurate understanding of the cracking phenomenon enables us to estimate the cause of the 
deterioration and the durability of the structure (Sun 2011). According to the classification of 
damage proposed by (Burland, Broms & Mello 1977), the serviceability limit state is achieved 
when the structure presents multiple 3mm wide cracks. Therefore, we consider 3mm to be the 
minimun linear feature to be depicted when selecting a camera. Moreover, for scalability pur- 
poses, we fix the minimum capturing speed at 5km/h. 

We perform multiple tests in a controlled environment to design a bespoke imaging system. 
This includes not only the cameras but also the lighting devices. We evaluate a wide range of 
sensors and, from low-end and low-cost solutions to higher spec cameras (see Table 1). The 
test consists of capturing images pointing at resolution targets positioned 4m away from the 
camera trajectory. The lab environment simulates the dark environment of a tunnel. Three 
battery powered lights are attached to the same trolley as the cameras, producing approxi- 
mately 300Lux on the tunnel lining. Figure 2 depicts the test setup. 


Table 1. Specifications of the tested cameras. 


Camera Resolution Pixel Size Pixel Pitch 


GoPro Hero 9 5K 1.1m 1.2um 
Zcam E2 4K 9.lum 9.2um 
Sony UMC-S3CA 5K 8.2um 8.3um 


Figure 2. Sensor selection — Test setup. 
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We perform the test multiple times per camera, changing parameters such as shutter speed and 
ISO (International Standards Organization) to maximise the image quality of the captured frames. 

Figure 3 reports the qualitative results of the resolution tests. It is possible to notice how, in 
a controlled environment, the low-cost action camera performs well compared with the higher 
spec cameras. Considering the test results and after a cost-benefit analysis, we select the 
GoPro Hero 9 as the sensor of choice for the data collection at scale. 
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Figure 3. Imaging sensor testing results. 


3.2 In tunnel defect detection and mapping 


One of the benefits of DL is that it is possible to perform complex tasks, like image under- 
standing, without having to reprogram the script every time new data comes in. The main 
tasks for image understanding are, in order of complexity and level of information provided: 
image classification, object detection and semantic segmentation. For our application we 
focus on object detection as it is considered a good compromise between output granularity 
and cost for data labelling. Developed in 2016, YOLO (Redmon et al. 2016) is the most popu- 
lar object detector and it is considered the state of the art for this task. Since 2016, several 
YOLO versions have been deployed, each one with significantly improved performance com- 
pared to the previous ones. Our research applies YOLOvS (https://github.com/ultralytics/ 
yolov5). We apply the transfer learning technique (Torrey and Shavlik, 2009) to fine-tune 
a pre-trained YOLO model using labelled data from previous visual tunnel inspections. The 
defects of interest are cracks and water ingress. The dataset presents a severe imbalance, with 
cracks being the underrepresented class. For this reason, we selected the focal loss (Lin et al., 
2017) as the algorithm of choice for the training phase. The trained algorithm achieved 
a mean average precision (mAP@0.5) of 0.72 on the test dataset. 

To track and count the detected defects, we combine DeepSort (Wojke et al. 2017), 
a DL powered object tracker, with a bespoke computer vision-based algorithm for in- 
tunnel image mapping. The principle of DeepSort is to compare the features of each 
bounding box at each frame with the bounding boxes’ features at the following frames. 
However, to maximise the tracking performance, we retrained the tracking algorithm 
with the labelled crops (of features of interest) extracted from the training dataset used 
to train the object detector (YOLO). 

With regards to the computer vision algorithm for image tracking, we consider the Simul- 
taneous Localization and Mapping (SLAM) technology not appropriate for the tunnel envir- 
onment. In fact, the robustness of SLAM approaches requires multiple loop closure to 
mitigate the errors. Considering the linear nature of tunnels, thus the impossibility to have 
any loop closure, we decided to implement a bespoke pipeline for in tunnel mapping. It is 
based on the detection of distinctive natural features of the tunnel lining, for example segment 
joints, and tracking their position to the centre of the equirectangular image of the tunnel. 
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This way, we can count the number of rings inspected. This is the same approach used by 
engineers to locate themselves when performing a traditional visual inspection. 

Figure 4 depicts an output example from the automated defect detection and tracking. 
Appropriately selected imaging sensors and ML-based defect detection ensure the proposed 
pipeline successfully detects not only wet patches on the tunnel lining, but also cracks con- 
sidered relevant to the asset owners (detected cracks have a width less than the serviceability 
limit state threshold). 


Figure 4. Example of defect detection on real underground infrastructure. 


4 RESULTS AND CONCLUSIONS 


In the previous section we described the backbone of the developed tool for automated visual 
inspection of tunnels. In this section we outline the results and the main benefits derived from 
its applications. Loupe360 is the resulting software that encompasses the whole workflow and 
packages it in a user-friendly web dashboard. 

The main achievements of the proposed pipeline are a noticeable increase in efficiency and 
remarkable cost reduction. With an internal survey we examined the pace of visual inspection 
of tunnels, in terms of inspected tunnel length per shift, and the number of operators required, 
both for the traditional regime and the proposed approach (Loupe360). The results reported 
in Table 2 show a noticeable increase of the inspection pace. Moreover, the number of staff 
required per shift is halved from 14 to 7. 

Figure 5 illustrates what the output would be if we extrapolate the results of Table 2 to the 
length of the Channel Tunnel (50.5km), the longest tunnel in the United Kingdom (Anonym- 
ous, 2022). Figure 5 reports also the time needed for the project preparation and the time for 
reporting. It can be noticed that automated data collection alone reduces the overall time for 


Table 2. Benefits of Loupe360 compared to traditional regime for detailed visual 


inspection. 

Staff Detailed Visual Inspection Loupe360 
Planner 1 1 

Task supervisor 1 1 
Switching agent 2 (minimum) 2 (minimum) 
Examiner 4 0 

Driver 2 2 
Isolating team 3 to 6 0 
Engineer 1 1 

Total number of staff 14 to 16 7 
Average inspected length 900m 12,500* 


* Estimated from the vehicle speed during an inspection of one of Arup’s client’s assets 
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the end-to-end inspection by 60%. Noticeably, the reduction of night shifts for data collection 
represents the 90% of the whole time saving. This, jointly with the reduction in number of 
staff per shift, represents a step change improvement in the health and safety of engineers on 
site. To this, if we consider the benefits introduced by DL-based defect detection, we can 
reach an overall time saving of approximately 75%. 


End-2-end tunnel inspection 


Figure 5. Comparison in terms of duration for end-to-end visual inspection of 50.5km long tunnel: 
traditional VS automated approaches. 


The final output of the Loupe360 application is presented in easy to interpret visuals repre- 
senting the asset’s conditions both current and historical (Figure 6). This matches with the 
concept of the digital twin proposed in 2002 by Michael Grieves (Grieves 2014). He describes 
the digital twin as the tool that enables asset managers to inspect their assets without physic- 
ally being there. In this way, Loupe 360 can effectively be described as the Al-powered digital 
twin for rail tunnels. 


Figure 6. Loupe360, an Al-powered digital twin for rail tunnels. 
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ABSTRACT: In order to meet increasing safety standards and technological requirements for 
underground construction, the estimation of Earth models is needed to characterize the subsur- 
face. This can be achieved via near-surface or standard Full-Waveform Inversion (FWI) velocity 
model building, which reconstructs the Earth model parameters (compressional and shear wave 
velocities, density) via recordings obtained on the field. The wave function characterizing the 
Earth model parameters is inherently non-linear, rendering this optimization problem complex. 
With advances in computational power, including graphics processing units (GPUs) computing, 
data driven approaches to solve FWI via Deep Neural Networks (DNN) are increasing in popu- 
larity due to its ability to solve the FWI problem accurately. In this paper, we leverage on 
DNN-based FWI applied to field data, to demonstrate that instead of depending on observed 
data collected from multiple boreholes across a large distance, it is possible to obtain accurate 
Earth model parameters for areas with varied geotechnical characteristics by using geotechnical 
data as prior knowledge and constraining the training models according to a single borehole to 
map the large geological earth cross section. Also we propose a methodology to simulate acous- 
tic recordings indirectly from laboratory tests on soil samples obtained from boreholes, which 
were analysed for compressive strength of intact rock and Geological Strength Index. 
Layers’geometry and properties for a section of total 3.0 km are used for simulating 15 2D 
elastic spaces of 200 m width and 50m depth assuming receivers and Ricker-wavelet sources. 
We adopt a Fully Convolutional Neural Network for Velocity Model Building, previously 
shown to work well with synthetic data, to generate the 2D predicted Earth model. The results 
of this study show that the velocity model can be accurately predicted via DNN through the 
appropriate training with minimum demands for borehole data. The performance is evaluated 
through both metrics focused on image quality and on velocity values giving a multifaceted 
understanding of the model’s true ability to predict the subsurface. 


Extensive geophysical research is often carried out on large-scale construction projects, such 
as tunnels, to investigate the complex and changing subsurface. Usual applications may 
include the estimation of bedrock and groundwater levels, imaging of various subsurface 
layers, or detection of “weak” material as peat or slide planes (Niederleithinger et al., 2016). 
Geophysical surveys enable Earth model information (such as velocity of compressional 
waves Vp, velocity of shear waves Vs and density p) to be obtained for large volumes of 
ground that cannot be investigated by direct methods (McDowell et al., 2002). Specially for 
tunnel design, in cases when the soil overburden above the tunnel crown is of great height 
which means that the required depth of an exploratory borehole will be quite large and so 
making boreholes will be difficult, the geophysical methods can provide an alternative 
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solution of significant importance. This can be done in addition to the application of the pilot 
tunnel method where a small-diameter tunnel is constructed, in parallel to the axis of a much 
larger main tunnel to explore ground conditions, assist final excavation and overcome the dif- 
ficult ground conditions. Thus, the need for better and stable performance of geophysical 
methods in subsurface imaging with a limited number of available auxiliary boreholes is 
a task of great interest in tunnel construction. 

The study of the properties of the subsoil is mainly based on the application of seismic 
methods both for historical and practical reasons since seismic methods use strong natural 
(earthquakes) or artificial sources (explosions)(K. & V. Papazahos, 2008). The problem that 
describes the definition of the Earth Model from observed data d (seismic recordings), is finding 
a non-linear operator G which when applied to the Earth model m (representing the parameters 
that describe the Earth model e.g., compressional wave velocities, shear wave velocities, density), 
will produce the observed data d= G(m) (Bogiatzis, 2006). But solving equation for m = G — ld 
that is finding a solution for the Earth Model parameters, is significantly difficult due to the 
non linear mapping of the wave equation to the measured data and so is often handled through 
iterative methods. Full waveform inversion (FWT) is a method for solving this problem, that 
takes advantage from the full shape of the waveform and nowadays is one of the most preferred 
methods for Velocity Model Building (VMB), that ensure solutions of high accuracy. In recent 
years, tackling the FWI problem is implemented through deep learning neural network (DNN) 
architectures and many successful examples can be found in the literature. 

Mao et al., (2019), proposed a deep learning-based data assimilation method for tackling 
VMB which can be considered as similar to the FWI, and they used a convolutional neural 
network (CNN) in order to predict the prior velocity information with two 2D convolutional 
layers, four fully connected layers and an activation function that uses hyperbolic tangent 
(Tanh). The input is a zero — offset seismic gather, the output is the subsurface velocity struc- 
ture and the presented training dataset is consisted of 5000 synthetic velocity models with 3 to 
6 layers of random velocity layers in the range of [2,4] km/s with their corresponding zero- 
offset gather. They presented test results for a velocity model containing a salt structure. 

Zheng et al., (2019), presented two case studies from which the second one was concerning 
elastic VMB through supervised deep learning approach. They trained a CNN to make predic- 
tions of 1D velocity (Vp and V,) and density profiles. The CNN consists of multiple 2D convo- 
lutional layers with 3x3 filter kernels, while between the sets of convolutional layers, a 
max-pooling layer and a dropout layer are used for downsampling and to control overfitting. 
They trained their network with 10000 synthetic data while they tested the prediction capabil- 
ities of the network on both synthetic and on field data after making simplifying assumptions 
that the field data present only vertical variation and are horizontally homogeneous. 

Li et al., (2020), addressed the mapping of time series to spatial image via the proposed Seis- 
mInvNet. The network adopts an encoder-decoder architecture for VMB and tackles the weak 
spatial correspondence (when a reflected wave exists on the seismic data on a specific position for 
which the velocity model does not contain an interface and vice versa) and the uncertain reflec- 
tion — reception relationship between velocity model and seismic data as well as the time varying 
property of seismic data. The main components of the network are an embedding encoder, 
a spatially aligned feature generator, a velocity model decoder and a loss function composed by 
the mean squared error and multiscale structural similarity while the presented experiment con- 
sisted of 12000 synthetic training velocity models with their corresponding seismic pairs. 

Another implementation is the Fully Convolutional Network named FCNVMB for Vel- 
ocity Model Building (Yang et al., 2019) which uses a U-Net encoder decoder architecture 
with skipping layers. The network learns the nonlinear law between the parameters of the 
wave equation with training on physical models. In the original paper the authors tested the 
network for reconstructing Earth Model parameters and in particular P-waves velocity. The 
1600 synthetic training models that they used presented salt bodies positioned on constant 
multilayer velocity background and 130 models from the original Society of Exploration Geo- 
physicists (SEG) model. The encoder is composed by 10 2D convolutional layers while they 
used a rectified linear unit activation function (RELU). The decoder includes eight 2D convo- 
lutional layers connected with the corresponding deconvolutional layers. The authors pre- 
sented their result in comparison with physics based FWI results for smoothed starting 
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velocity models for two experiments. The first experiment was on predicting synthetic salt 
bodies and the second used the pretrained network of the first experiment with addition of 
130 SEG models to predict parts of the SEG model. 


b 
9 2 
A J 
a a, 
a. n ’ a á 
A >] ~ 
PE ° e 
mown budsurtace 
== a Vv 
q Q V 
= a v 
be i a 
emt 6 v 
c 5 b 
é 


Figure 1. a) Longitudinal geological section from field data. Specially for tunnel construction projects, 
dense boreholes are usually implemented. b) Training velocity models used for the network are generated 
on known geotechnical area. Subsequently the training velocity models are constrained to single borehole 
data in every 200m longitudinal distance of the investigated 200m x 50m areas and the new models are 
added to the initial models forming in total 9000 training models as described in paragraph 2.3. 


In this paper we handle the near surface Full waveform Inversion problem through 
FCNVMB for reconstruction of the P-waves velocity image of the subsurface with application 
to field data. All the pairs of velocity and corresponding shot are created through Devito (Lou- 
boutin et al., 2019) which is a domain-specific language for implementing high-performance 
finite difference partial differential equation solvers. The contributions of this paper concern the 
following: 1)We provide a training methodology for predicting large geological sections based 
on prior geotechnical knowledge and constraints on sparse density sampling boreholes. 2)We 
provide a methodology for simulating seismic shots from geotechnical lab data. 3)We present 
a step by step comprehensive schematic representation of the overall procedure. 

Here we describe our proposed methodology from generation of acoustic measurements 
that comprise d, inclusion of elastic displacements to augment the training set, generation of 
velocity models that comprise m and the experimental setup for the FCNVMB for near sur- 
face FWI-VMB to elastic spaces with dimensions 200m width x 50m depth through data 
obtained from real boreholes of spanning 3.0 km. 


2.1 Borehole data 


As is typical in construction engineering, multiple boreholes are used to collect soil samples 
across the 3km span. Specialists after laboratory analysis of the collected soil samples, created 
a subsurface map presenting the space between the boreholes, an example of which is shown in 
Figure la. It indicates the geomaterials that compose each section (claystone, sandstone, silt- 
stone etc.) the main geotechnical characteristic parameters of which, including compressive 
strength of the intact rock o,; and the Geological Strength Index GSI can be seen in Tables 1-3. 
The estimation of the parameters of strength and deformability of the rock mass is of major 
importance during the design for the opening and support of underground projects. The main 
difficulty in obtaining these parameters is that the laboratory tests are done on samples of intact 
rock (without discontinuities) and are therefore not representative for the rock mass which 
includes discontinuities. Given the uniaxial compressive strength of the intact rock pieces with- 
out discontinuities o,; and the Geological Strength Index GSI, the modulus of elasticity of the 
rock mass is calculated according to the following equation which is proposed by Hoek et al., 
(1997), and is a modification of the empirical relationship of Serafim and Pereira, (1983): 
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Figure 2. Schematic representation of the proposed methodology. 


Em = Voci [100 x 10°95!-10)/40 (1) 


Where: o,; is the compressive strength of the intact rock in MPa, GSI is the Geological 
Strength Index and E,m in the elastic modulus of deformation of the rock mass in GPa. These 
are listed in Tables 1-3 for three sections. Sections A and B span 1.2km each and Section 
C spans 0.6km. For simplification, the mean and standard deviation of the densities are used 
for modelling - these are shown in Table 4. 


1-3. Column 5 and 
Figures 3-5) 

2.2 Elastic distodions 
Bpplied for augmenting 
the dataset of RGB 
Geological images 


shot 


2.2 Calculation of the acoustic velocities from geotechnical laboratory data with inclusion of 
elastic displacements 


The acoustic velocity is calculated as Vp = \/(Erm/p), where E,,,, is the modulus of elasticity of 
the rock mass for each layer and p the density for every section (Table 4). V, is shown in 
Tables 1-3 (Column 4) which is mapped to a unique Red-Green-Blue (RGB) code shown in 
Tables 1-3 (Column 5), for every geomaterial in every geological section A,B or C, which after 
is assigned to every subsurface layer in the initial drawing created by specialists. The generated 
images presented in Figures 3, 4 and 5 are then resized in order to correct the drawing scale and 
to represent the physical analogy of the elastic space studied (200m x 50m). After the calculation 
of the velocity model and the extraction of the RGB image files, elastic displacements are added 
to the images in order augment the training dataset, to strengthen the generalization of the net- 
work and to avoid overfitting (Bloice et al., 2017). In our dataset, a Gaussian Distribution is 
used for sampling distortion on the center of the image, through the gaussian distortion function 
with parameters grid width=3, grid height= 3, magnitude= 90 and corner=bell. 


2.3 Creation of the velocity models and calculation of the corresponding shot for input to deep 
learning FWI network 


The total length of the geotechnical sections is 3.0 km and the length of every elastic space for 
the modelling of the wave equation in Devito has a physical size with dimensions (201.,51.) and 
grid spacing (1.,1.). Two experiments have been implemented in this paper each one containing 
9000 models: 1) Experiment | at which 9000 training velocity models are generated for the 
“known subsurface area” which then are used to predict “unknown subsurface areas” and 2) 
Experiment 2 at which the 9000 training models are generated for the “known subsurface area” 
but part of them (4800/9000) is constrained to velocity values obtained from a single borehole 
data in the “unknown subsurface areas”. Also a number a small number of subsection images 
(1800/9000) is taken from the “known subsurface area” for every geological section and used in 
the training set. Subsequently the generated images are used to generate velocity arrays for the 
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target RGBs according to the mapping shown in Tables 1-3. Then, the calculation of the pair 
seismic shots that are used for the training of the network is implemented from the solution of 
the constant density acoustic 2D wave equation in the time domain according to the finite dif- 
ferences method which is defined as R = eu —c?V7u, where u is the displacement field, c is the 
p wave velocity field and R is the Ricker source propagator. 


Table 1. Geotechnical properties of section A. 

Geomaterial category Sci (Mpa) GSI Ey, (Mpa) V, (mls) *RGB 
Claystone, Calcareous claystone 7.60 29 822 588 (150,150,150) 
Sandstone, Calcareous sandstone 14.25 43 2487 1022 (0,255,255) 
Breccia, Calcareous Breccia 17.10 55 5397 1506 (255,255,255) 
Sandstone-calc.sandstone with - - - - - 
claystone-calc. claystone intercalations 8.55 35 1244 723 (0,255,0) 
Siltstone and sandstone alternations 9.03 35 1243 723 (0,0,0) 
Marly limestone 20.90 42 2851 1095 (0,0,255) 
Thin bedded marly limestone 20.90 51 4927 1439 (255,0,255) 
Karstic marly limestone 20.90 47 3748 1255 (255,255,0) 
Limestone 28.50 67 14184 2441 (255,0,0) 
“RGB codes shown in section A shown in Figure 3. 

Table 2. Geotechnical properties of section B. 

Geomaterial category Sci (Mpa) GSI Ey (Mpa) V, (mls) *RGB 
Claystone, Calcareous claystone 7.60 38 1382 762 (75,75,75) 
Sandstone, Calcareous sandstone 14.25 45 2774 1080 (150,150,0) 
Breccia, Calcareous Breccia 17.10 49 3995 1296 (125,125,125) 
Claystone -calc. claystone - - - - - 
with sandstone intercalations 9.03 32 1084 675 (0,125,0) 
Siltstone and limestone intercalations 14.73 29 1176 703 (0,0,20) 
Sandstone-calc.sandstone with - - - - - 
claystone-calc. claystone intercalations 8.55 40 1635 829 (0,0, 125) 
Siltstone and sandstone alternations 9.03 37 1426 774 (125,0,125) 
Calcareous marl 12.35 48 3214 1162 (132,132,132) 
Marly limestone 20.90 56 6476 1650 (125,0,0) 
Thin bedded marly limestone 20.90 60 8060 1840 (255,255,255) 
Limestone 28.50 55 7160 1734 (5,5,0) 
*RGB codes shown in section B shown in Figure 4. 

Table 3. Geotechnical properties of section C. 

Geomaterial category Cci (Mpa) GSI E,m (Mpa) V, (mls) *RGB 
Limestone 38.00 57 9223 1962 (150,150,150) 
Claystone, Calcareous claystone 7.60 42 1720 847 (75,75,75) 
Sandstone, Calcareous sandstone 14.25 36 1696 841 (150,150,0) 
Breccia, Calcareous Breccia 17.10 48 3581 1223 (125,125,125) 
Claystone -calc. claystone - - - - - 
with sandstone intercalations 9.03 36 1313 740 (0,125,0) 
Siltstone and sandstone alternations 9.03 27 781 571 (125,0,125) 
Marly limestone 20.90 15200 51 1415 (125,0,0) 
Thin bedded marly limestone 20.90 49 4297 1340 (255,255,255) 
Karstic marly limestone 20.90 38 2355 992 (255,255,0) 
Limestone 28.50 61 10216 2065 (5,5,0) 


*RGB codes shown in section C shown in Figure 5. 
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Table 4. Density used for modelling various section layers. 


Section Pmnean (KZ /m?) std(kg/m?) 
Geomaterials of Section A 2380 79.06 
Geomaterials of Section B 2380 87.65 


Geomaterials of Section C 2395 98.46 


Figure 3. Geotechnical section A, with total length of 1.2 km. The arrow shows the “TEST- Ground 
Truth” image for this section. 


Figure 4. Geotechnical section B, with total length of 1.2 km. The arrow shows the “TEST- Ground 
Truth” image for this section. 


Figure 5. Geotechnical section C, with total length of 600 m. The arrow shows the “TEST- Ground 
Truth” image for this section. 


The wave equation is solved for a Ricker Source at depth of 1 m with a peak frequency of 
0.010 KHz, receivers placed every 1m, at depth of 1m and the simulation lasted 2000 millisec- 
onds. In this study we have assumed a single source in order to aim at low costs, although the 
total number of receivers could also be important. So we have assumed a very dense in-line 
arrangement of surface receivers in the simulations in order to transfer to the network 
a greater amount of information from the seismic recordings. The in-line spacing between 
receivers could be optimised accordingly in order to lead to a more realistic placement. 


2.4 DNN-based FWI setup 


When the solution of the differential equation is completed the velocities and the correspond- 
ing displacements are stored in arrays with dimensions 2000x200 for the displacements in the 
x-t domain and 50x200 for the velocities in the x-z domain, and are written into two separate 
Matlab files (mat) and then passed to the FCNVMB for the training and testing procedures. 
The training/testing ratio used in the process is 9000:2250 for both experiments 1 and 2. The 
number of the epochs is set to be 100, the test batch size equal to 10 and the learning rate used 
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is set to be equal to le-3. The training process lasted 8.50 hours on a GPU NVIDIA RTX 
A4000 while the testing process took a couple of minutes. 

In all velocity images that can be seen in Figure 6, the horizontal axis shows the width in kilo- 
meters and the vertical axis the depth in kilometers, while the maximum depth is shown at the 
zero 0.00 km level. Velocity has units of km/s. Finally in the velocity profile diagram the velocity 
is in m/s units while the maximum depth is at the 50.00 m level of the vertical axis. Experiment 1 
is shown in column 1, experiment 2 at column2 and ground truth (GT) at column 3. 


3.1 Quantitative comparison of results in terms of image metrics psnr and ssim 


The peak signal to noise ratio (psnr) is a quality image metric that the higher it is, the better 
the quality of the image being considered. The psnr between the prediction of the network 
trained on the experiment 2 and ground truth image is improved by 11.42 % compared to the 
prediction of the trained on the experiment 1 and ground truth for section A (Figure 6, Ist 
row), 4.5 % for section B (Figure 6, 2nd row) and 27.75 % for section C (Figure 6, 3rd row). 
The structural similarity index (ssim) from the other hand is a quality metric used to measure 
how similar two images are, based on loss of correlation, luminance distortion and contrast 
distortion. For the case of experiment 2 ssim is calculated to be 3.11 %, 1.11 % and 0.9 % 
greater than the ssim calculated for the experiment 1. More specifically the (psnr,ssim) values 
for the 2nd dataset are (16.00,0.928),(23.75,0.984) and (30.07,0.99) for sections A B and 
C respectively which can be considered as high values. 


3.2 Quantitative comparison of results in terms of metrics applied on velocity values, mse 


The extracted values for the ground truth, and the predictions for both experiments are plotted 
for a vertical cut in the middle (at 100m position)of the elastic space and can be seen in Figure 6 
(column d). The mean squared error (mse) for experiment | regarding to the three sections A,B, 
C is 2.01,3.77 and 5.38 greater compared to the mean squared error calculated for experiment 2. 


3.3 Qualitative comparison of results 


As we can observe in Figure 6, Ist row, we have a complete prediction of the velocities for the 
case of the experiment 2 (2nd column) training. There is some weakness in the prediction of the 
thickness of the geological layers and in the shape of the geological layers. This is also reflected 
as a lag in the vertical one-dimensional velocity profile in which we see that the prediction 
reaches the correct estimated value but little later for the specific GT image. For the case of 
experiment | the predicted image (column 1) does not capture neither the geometry neither the 
correct velocity range of the GT image. The only successful point in the prediction is the first 
meters of the velocity image where the network correctly predicts low velocity values, but incor- 
rectly maintains them at greater depths. It is worth at this point to comment on the fact that in 
this example the mse difference between the two datasets (2.01 % with respect to the values of 
the velocity profile) is much smaller compared to the next two images not because the network 
approaches the correct value but because the delay in estimating the correct velocity from the 
2nd dataset also leads to a very large mse error calculation which is not quite representative for 
this specific case since the prediction is quite good. In Figure 6, 2nd row, we see the successful 
prediction after training on 2 experiment and unlike before we do not notice the same degree of 
failure in the prediction of the layer thickness. This is also reflected in the vertical profile where 
all branches except the third are in perfect coincidence. On the contrary, the prediction concern- 
ing the experiment 1 fails to capture the gradation of bottom velocities so good. In Figure 6, 3rd 
row, we see the successful prediction after training on experiment 2 as opposed to the prediction 
after training on experiment 1 where it completely fails to predict the velocity of the upper levels. 
This failure is what levels up the mse since it involves many pairs of velocity values. Also as we 
see at greater depths the network incorrectly predicts some low velocity values that do not exist. 

Constraining the training dataset to velocity values obtained from just a single borehole 
data in combination with the use of subsection images in parallel with application of elastic 
displacements can strengthen the prediction ability of the network and lead to successful 
results on field data. 
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velocities A-A 


Figure 6. Reconstructed velocity models. Geotechnical Sections: A-1st row,B-2nd row and C-3rd row, 
Experiments: (column a) prediction 1, (column b) prediction 2, (column c) ground truth, (column d) 
middle-vertical 1D velocity profile from which mse of velocities is calculated. 


The results directly show that the proposed method can lead to great performances over 
field data. Especially for tunnel construction in cases when the soil overburden above the 
tunnel crown is of great height and in general when making sampling boreholes is difficult, 
DNN-FWI can predict for the unknown subsurface based on a very limited- sparse number of 
auxiliary boreholes. 


REFERENCES 


[1] A. Adler, M. Araya — Polo and T. Poggio, “Deep Learning for Seismic Inverse Problems”, IEEE 
Signal Processing Magazine, IEEE, 2021. 

[2] B. Mao, L.G. Han, Q. Feng, Y.C. Yin, “Subsurface velocity inversion from deep learning-based 
data assimilation”, Journal of Applied Geophysics, Elsevier, 2019. 

[3] E. Hoek, E.T. Brown, “Practical estimates of rock mass strength”, Int. Journal of Rock Mech. and 
Min. Sciences, Elsevier, 1997. 

[4] E. Niederleithinger, O. Abraham, M. Mooney, “Geophysical Methods in Civil Engineering: Overview 
and New Concepts”, Int. Symposium Non-Destructive Testing in Civ. Engineering, Berlin, 2016. 

[5] F. Yang and J. Ma, “Deep learning inversion: a next generation seismic velocity-model building 
method”, Geophysics, SEG, 2019. 

[6] J.L. Serafim, and J.P. Pereira, “Considerations on the Geomechanical Classification of Bieniawsk1’, Pro- 
ceedings of Int. Symposium on Engineering Geology and Underground Openings, Portugal, 1983. 

[7] K. and V. Papazahos, “Introduction to Geophysics”, ZHTH, 2008. 

[8] M. Louboutin, M. Lange, F. Luporini, N. Kukreja, P. A.Witte, F.J. Herrmann, P.Velesko and G. J. 
Gorman, “Devito v.3.1.0: an embedded domain — specific language for finite differences and geo- 
physical exploration”, Geoscientific Model Development, Copernicus Publications, 2019. 

[9] M.D. Bloice, C. Stocker, A. Holzinger, “Augmentor: An Image Augmentation Library for Machine 
Learning”, The Journal of Open Source Software, 2017. 

[10] P. Bogiatzis, “Two-Dimensional Inversion of Seismic Diffraction Tomography Data”, Phd Diss., 2006. 

[11] P. W. McDowell, R. D. Barker, A. P. Butcher, M. G. Culshaw, P. D. Jackson, D. M. McCann, 
B. O. Skipp, S. L. Matthews, J. C. R. Arthur J. C. R., “Geophysics in Engineering Investigations”, 
Construction Industry Research and Information Association, 2002. 

[12] S. Li, B. Liu, Y. Ren, Y. Chen, S. Yang, Y. Wang,” Deep-Learning Inversion of Seismic Data”, 
IEEE Transactions On Geoscience And Remote Sensing, IEEE, 2020. 

[13] Y. Zheng, Q. Zhang, A. Yusifov, Y. Shi, “Applications of supervised deep learning for seismic inter- 
pretation and inversion”, The Leading Edge, 2019. 


2836 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World - Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Reduction of risks and operation improvement in TBM tunneling 
through advanced techniques of data management, processing and 
analysis 


E. Paris & S. Arrate 
SENER Ingenieria y sistemas S.A., Barcelona, Spain 


ABSTRACT: Tunnel Boring Machines have proven, during the last decades, high levels of 
efficiency as a preferred system in tunnel construction, especially in urban areas where the 
improvement of transport structures is currently expanding. This efficiency doesn’t necessary 
mitigate risks, especially for third parties, notwithstanding the own risks towards the machin- 
ery that can cause long-term and costly reparation stops. Operation parameters, connected by 
advanced analysis to settlement information, TBM georeferencing, and estimated ground 
deformations among others, play a major role when talk about keeping excavation risks 
under control and out of danger ranges. Therefore, the management, processing and analysis 
of operation data are key elements for accurately determining the existence of a risk, its pos- 
sible consequences and the best way of mitigating it. Nowadays, the connection and process- 
ing of data, combined with the digitization in tunneling works, allows us to achieve a very 
efficient use of information, thus allowing a very clear improvement in the management of 
operational risks, not only during the excavation phase but also during the operation and 
maintenance phases. These techniques significantly support the tunnel’s life cycle. This paper 
will present the readers with real cases of application in tunneling works, introducing these 
techniques of processing and analysis aimed at producing a more comprehensive vision of the 
operation and enhancing the decision-making process, making it more agile, precise and 
effective when handling potential risks. 


1 INTRODUCTION 


During the time it took the reader to skim over these opening words, a TBM in operation has 
already been able to generate a record of at least 300-400 values associated to different param- 
eters. This means that the execution of a tunnel excavated with a TBM, could produce an 
average of 5 million data per day. 

Considering that one of the keys to minimize the risks of the operation are the aforemen- 
tioned data, it must be taken into account its quantity and the way to process this quantity, as 
well as its quality and adjustment to the reality of the excavation. Having efficient data man- 
agement and analysis tools, connecting various data sources, plus taking the advantage of the 
digitization techniques present in the market today, mark a turning point in risk management 
of TBM operation (Arrate, 2022). 

The aim of this article is to demonstrate the risk involved in the use of raw data and its 
significant influence on the risk analysis to third parties and the machine itself during excava- 
tion with a TBM. Compared to the use of the raw data, this article shows how the processed 
data provides the required reliability about the real operating situation, making the corrective 
or reactive actions trigger a response according to the observed anomaly. 
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Working with high reliability in the data, optimizes the excavation with a higher level of 
safety and improve the production process of the TBM. It should be borne in mind, however, 
that these improvements in the data analysis and processing cannot reach a state of “zero 
risk”, so their development and progress, must be maintained continuously according to the 
constrains and risks of the tunnel to be excavated. (Degn et al., 2004). 


2 RAW DATA VERSUS PROCESSED DATA 


It can be defined as “raw data” the data captured by any sensor of the TBM without any 
other processing than that carried out by the PLC of the machine such as the transformation 
from data capture units to data recording and display units. This type of data is usually not 
subject to any kind of filter or integrity analysis. This means that errors or inconsistencies 
with the operation of the TBM acquired by this type of data, can yield unreliable results. 

“Processed data” is the one that is modify in its record value once an error or inconsistency 
with the data related to real operation of the TBM is detected. The modification of the initial 
record value involves processing and analysis of the data to ensure that its final value is as real 
as possible. Obtain a “clean” data, without errors or with a number of errors located and 
limited, will produce a higher level of confidence in the data management. The results derived 
from the processing of these values will therefore also be much more reliable. 


Table 1. Real case taken as an example of value of Torque processed and not processed. 


Ring number 65 66 67 68 69 70 71 72 


Torque (kNm) raw data 2797 2813 2753 3075 180 2773 2308 2801 
Torque (kNm) processed data 2797 2813 2753 3075 2540 2773 2308 2801 


An example of a real data set of the Torque parameter is shown in Table 1. The raw data 
row shows the values for this parameter recorded by the machine PLC without any kind of 
processing. It is noted that in ring 69 the Torque presents a value clearly outside the usual 
records for considered data set. An analysis through these raw data is performed and the 
resultant could be considered as an anomaly in this ring. However, when a specific analysis of 
the torque behavior for this ring is done, the value obtained is more in line with those recorded 
in the section, thus ruling out the anomaly and the possible alerts or alarms derived from con- 
sidering the raw value in the analysis (Salud et al., 2022). 

What is the reason for such an anomalous result? Reviewing the complete data set of the 
ring and obtaining a record every 5 seconds, it is observed that in the time range between 
12:51 and 12:59 there is an error of record leading to an abnormal value in the final calculated 
value of the torque(180kNm). If this value is not reviewed, it causes that any kind of analysis 
will be totally inconsistent. In this case and with the technical criteria of an expert in the ana- 
lysis of TBM operation data, the values considered anomalous were fixed, resulting in a much 
more coherent and real final value (2540kNm). 


3 WORKFLOWS WITH RAW AND PROCESSED DATA 


The use of a raw data is considered as a direct workflow of data from the TBM to the analysis 
tool, without considering any previous steps. As already mentioned, this involves transferring 
all errors and inconsistencies from the source file to the analysis stage. The direct workflow 
increases the probability of misinterpretation and in many cases, if the data is properly ana- 
lyzed, it is concluded that it doesn’t generate a final consistent result. Usually, it may be dem- 
onstrated that there is an excessive use of raw data directly and immediately, freshly obtained 
from the TBM’s PLC and without performing the previous processing required for the correct 
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interpretation of the data. This situation, jointly with an unskilled analysis of this uncertain 
raw data, causes and has led to incorrect decisions that have increased the risk of damage to 
third parties and to the tunneling machine itself. 

On the other hand, the workflow designed to obtain a processed data entitled a series of 
intermediate states that directly upgrades the quality and reliability of the data and the infor- 
mation that will be obtained later. An automated application of these flows does not in any 
case have a significant impact on decision-making, but it considerably reduces the risk of 
making a decision that does not correspond to the needs of the excavation. 
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Figure 1. Simplified scheme of dataflow with and without processing. 


The raw data collected by the TBM usually present a relatively low volume of record errors 
in relation to the total volume of data obtained. Many of these errors correspond to errors in 
data logging due to inaccurate operation of the sensors, incorrect data format or files with 
corrupted values resulting from inconsistencies in the electrical supply to the PLC, to cite sev- 
eral common examples. More serious cases have been detected regarding the configuration of 
algorithms for obtaining the final record and visualization data in the PLC. In these cases, the 
algorithms must be corrected before the launch of the TBM and if this is not possible, in the 
first advances. Otherwise, the values recorded with this anomaly will create a completely inef- 
ficient data set. Beyond the errors of registration, there are the “gaps” of information caused 
by communication shutdowns or power breakdowns. These “gaps” can often be corrected 
with data taken directly on site or extracted from a backup server in the TBM itself. 

While has been mentioned that errors in raw files are infrequent, they can become serious if 
not detected and corrected. For example, an index error in date or time in the data log of a ring 
could show data duplication, mixing the datasets of two rings at the time of analysis, being dif- 
ficult to determine which data correspond to the analyzed ring and which to the ring with an 
erroneous record. This kind of error could be detected performing a review of data just in the 
moment of it capture being complicated and such tricky detect in further stages of process. 

More than writing or recording errors, should be kept in mind those registers that, due to 
the operation itself, could present some singularity or value not according to the real situation. 
This fact happens with some frequency in those data of a cumulative nature, such as weights 
or volumes of grout or bentonite injected, key parameters for detecting risk situations in 
urban environments. These records can lead to a line of analysis far away from the reality of 
the anomaly and conclude in not real warning or alarms. In this case, a specific analysis of 
ring data must be done to detect which is the singularity in the operation that is causing that 
erroneous data. Should be noted that is key that the analyst have a good knowledge of the 
type of operation used at those times and those possible incidents that have taken place. 

It should be noted that the processing of data must not involve in any case the destruction 
of the original raw data, keeping unaltered the source files produced by the TBM and develop- 
ing the processing tasks on auxiliary files. Therefore, the processing of data will always have 
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a substitutive character of the anomalous record, being included the correct value as a valid 
record for analysis within the workflow but always keeping a back-up of the raw data, for 
review by any external entity in case of doubt or clarification of data processing. 


4 COMPRESSIBLE DISPLAY OF INFORMATION THROUGH PROCESSED DATA 


Once “clean” data is obtained, it is necessary to visualize it in a way that is understandable to 
the technician, usually in the form of graphs or KPIs configured to show in detail the selected 
data. By means of these graphical outputs or KPIs, it will be possible to detect real anomalies, 
to maintain a control on the deviations in production, the incidents of the excavation, or to 
visualize the position of the TBM and its environment, settlements produced, levels of vulner- 
ability of structures, estimated deformations and all those data and information that for their 
interest or criticality should be included and connected (Arrate & Paris, 2021). 

The visual objects integrated in each control dashboard will faithfully display the value of 
the data stored in the database. At this point, there is no longer room for processing but for 
conclusions and decision-making. An erroneous, unprocessed or inaccurate data that could be 
represented a dashboard, would show inconsistent values to the analyst, regardless of the fil- 
ters or types of visualizations that apply and therefore, a decision-making aid misinterpreted. 

Have at disposal a workflow to process the data and define the operation in a real way enriches 
and boost the decision-making process when an anomaly associated a potential risk is detected, 
since the starting point is a reliable data that does not produce distortion in the analysis. 


5 ACTUAL BENEFIT OF RAW DATA ANALYSIS ON PROCESSED DATA 


As we have seen in previous sections, the use of processed data against raw data, aims to gen- 
erate a more reliable and realistic operation analysis, which will make warning and alarm 
notice management much more effectively in front of risky situations. 

As a case study and with the purpose of presenting the beneficial influence of the data pro- 
cessed in the decision-making workflow, below is an exhibition of a real data set, processed 
and unprocessed, captured from a rock front face excavation by EPB TBM. With this geology 
- machine combination the operation feature, as singularity, notable variations of material 
level in the excavation chamber that produce very variable records in the total weight exca- 
vated. Also, during excavation, large volumes of grout not associated with effective filling in 
the gap has been observed (Arrate & Paris, 2019). 
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Figure 2. Left: Grout volume (m3) per ring. Right: .Net weight (Tn) measure per ring. 
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In the first case a selected range of rings is taken, from 1693 to 1696, according to build 
sequence number. As a sidenote, the build log does not correspond to the real physical ring in 
which both injection and excavation occurs, and therefore the graphs used to describe this 
case will reflect the build ring during both operations. In rings 1694 and 1695 (1692 and 1693 
physical) it is showed a large volume of injection, above 30m° always referring to the raw data 
log. This raw value, more than twice over theoretical value, could be interpreted as an anom- 
aly during the excavation in the selected range and could become associated with an over- 
excavation in these rings in function of the associated net weight records. 

Taking into account the raw net weight data compared with the control thresholds for these 
rings, ring 1687 (build ring corresponding to 1692 physically excavated) shows a high devi- 
ation from the reference net weight, namely 54Tn above, thus exceeding the warning control 
threshold. This data, jointly with the previously mentioned excess in grout injection volume in 
the same ring, could be indicative of possible over-excavation, risky situation to the commu- 
nity which undoubtedly required corrective action or countermeasure to reduce the risk to 
third parties. 

However, the processed data of grout injection and net weight are showed very different 
values to those provided by the raw data from the TBM. During the excavation, and in real 
time, it is verified that the grout volumes correspond to transfers and cleanings of grout lines 
(vertical lines in the graph) being computed these volumes by the corresponding flowmeters 
integrated into the system. These volumes have not meant any extra filling to the gap and 
therefore the application of a correct flow for data processing, as indicated in paragraph 3. 
“Workflows with raw and processed data” in this same article, the additional amount of grout 
is not computed to calculate the final volume of grout. The annular filling in this case study 
thus becomes 31,3m? considering raw data to 20,0m° for the processed data. 


RAW GROUT VOLUME (m3) —STROKE (ma) 
40 2000 
‘a } 1800 
| A / 
| / / } 1600 
30 f / 
A f / |} 1400 
2 ng / 
~25 / / 
r / f | 1200 = 
5 / | E 
= f f ~ 
S 20 / / / F 1000 w 
3 4 | 
P f r “ 
15 / eee 
/ 
3 / 
| 600 
/ Í 
10 
A } 400 
/ a 
5 / / 
j | 208 
f | 
Ea / # | 
6 = Y k e 
1693 1694 1695 1696 


RING BUILD 


Figure 3. Raw grout volume (m3) vs. stroke (mm). 


In relation to the weight parameter, the record of each ring is analyzed individually detect- 
ing increases and variations in the extraction rate, data taken from the record of the measur- 
ing scales of excavated material. At this point, it is necessary to remind that the front face was 
cracked rock with low quality, but stable during operation and therefore an operation in semi- 
EPB mode was agreed. In this mode of operation, the excavation chamber had a variable 
volume of material, averaging between 30-50% of the total volume of the chamber. This vari- 
ation affects the weight records since not all the material computed comes really from the 
excavation of the ring, but can come from the already contained in the camera 

The analysis using raw data doesn’t take into consideration this fact and operation mode 
and only use the final value provided by the scales. The measure of the scales could be correct 
but not the interpretation and thereby the explanation offered by raw data analysis is not 
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consistent with real situation. The processing of the weight data by means of correction algo- 
rithms per stroke, material compensation in the chamber during excavation by earth pressure 
variations, together with the application of camera regulation algorithm (the adjustment is 
30Tn of excess in the raw data) made possible conclude that the over-excavation which could 
be interpreted through raw data analysis did not take place. 
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Figure 4. Torque (MN) and TBM axis earth pressure (bars) vs. stroke (mm). 


However, in that ring (1692 physical), there is an anomaly that is not related to an over- 
excavation but to the material behavior inside excavation chamber that is reflected in the 
weight records. The real-time analyst observes an increasing trend in the torque that may be 
associated with poor material treatment inside the excavation chamber. Being aware of the sta- 
bility conditions of the front face, the analyst recommends to the tunnel team lightweight the 
excavation chamber to overcome the negative effect coming from poor material treatment, 
reducing, therefore, the stresses on the mechanical drive elements of the cutting wheel. This 
action is reflected also in the earth pressure trends, showed in the Figure 4. Once the excava- 
tion chamber has been lightweighted (increasing trend in the weight register) the torque value 
drops to normal values, mitigating the risk of damage to the mechanical system. It is important 
to mention that this operation is feasible on stable fronts and with a low grade of permeability, 
conditions that can make possible a reduction of support material in the excavation chamber. 

To give an idea of the impact in the accuracy of a parameter using processed data versus 
the raw data, following, is presented the influence on the quantification of the gap filling in 
a range of 200 rings 

Figure 5 displays the records of total grout volume injected both raw and processed data. In 
the raw data set it may be seen some records with very large values well above the reference 
volume of 12.5m3. In terms of average values for the reported range of 200 rings, the use of 
raw records would give a value of 20.54m3 per ring representing an excess of 1.65 over the 
theoretical volume. However, the processed shows a noticeable different output, presenting an 
average of 18.19m3 and 1.45 times excess over the theoretical value. In cumulative values this 
consideration of the raw data would give a result in which 465m3 mortar would have been 
injected above the real volume injected in the range of 200 rings taken as a sample 

This simple case shows, in a very clear and obvious way, how the systematic use of a raw 
data can involve serious errors of analysis and therefore, can lead to a decision making far 
from the needs of the excavation, which, in this case could have required the application of 
aggressive contingency measures due a supposed significant risk to the community as 
a settlement or sinkhole. The processing of the data presents a very different scenario, with an 
acceptable excess of grout injection given the characteristics of the ground and with volume 
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Figure 5. Raw grout volume (m3) vs processed grout volume (m3) in 200 rings range. 


records fully adjusted to the reality of the excavation. In the light of the results processed and 
analyzed, there was therefore no situation of alarm or risk to the community. 


6 CONCLUSIONS 


Excavation with TBM yields an average of 5 million raw data per day that can be used intelli- 
gently to reduce risks to the community and the TBM itself, during the excavation of tunnels 
in populated areas. 

The quality of the data has great influence on the accuracy of decision-making in the face of 
anomalies that may arise and therefore influences the ability to mitigate risk. 

The systematic use of raw data obtained directly from the TBM PLC does not seem to be 
advisable, as it can lead to decision-making that deviates from the reality of excavation and 
poses an even more serious risk to the population and the machine itself. 

It becomes palpable and necessary the systematic use of tools that allow the application of 
calculation algorithms that contribute to the cleaning of the raw data for its correct 
interpretation. 

As shown in this article, a treated and clean data, offers a high level of confidence allowing 
efficient operation risk management, obtaining reliable results and therefore, conclusions that 
allow a much more effective decision making. 
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tunnel using deep learning 
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Young-Moo Ryu 
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ABSTRACT: | Scan-to-BIM is precise method for BIM (Building Information Modeling) by 
measuring existing structures with LIDAR (Light Detection And Ranging), but has a limitation in 
that it consumes a lot of manpower, time, and cost. In order to overcome this limitation, studies 
on automating the semantic segmentation of 3D pc (point cloud) using deep learning are being 
conducted, but they have been actively applied to the architecture field. Research in the railway 
field is about applying deep learning to simple bridge data, and there are very few studies on rail- 
way tunnels in which various objects. In this study, using deep learning, semantic segmentation of 
the actual measurement 3D pc data of the railway tunnel was performed and its applicability was 
reviewed. By applying representative deep learning algorithms, we examined which algorithms are 
suitable for tunnel pc segmentation. Also, the effect of changing the hyperparameters of the train- 
ing data on accuracy and IoU (Intersection over Union) was reviewed. 


1 INSTRUCTION 


With the advancement of science and technology, it is becoming cheaper and more convenient 
to use AICBM (Artificial intelligent, IoT, Cloud, Big data and Mobile) technology to acquire 
data from the real world more easily than in the past, analyze and simulate it in digital space 
was able to do. This technology is called a digital twin. The digital twin has been included in 
Gartner’s top 10 strategic technologies for three years from 2017 to 2019, attracting global 
attention, and the Korean government has also selected it as one of the top ten representative 
tasks of the ‘Korean New Deal’ policy (Ministry of Economy and Finance, 2020). 

From the perspective of the construction field, BIM (Building Information Modeling) can 
be said to be a representative example of a digital twin. BIM is a digital realization of the 
physical and functional characteristics of a structure, and it can be used for various tasks such 
as design review, process management through simulation, and maintenance throughout the 
entire life cycle of a construction project (Kreider et al., 2010; Hergunsel, 2011). Due to these 
advantages, the introduction of BIM is increasing worldwide, and Korea is also accelerating 
the introduction of BIM by making BIM design mandatory for turnkey and public road pro- 
jects (Ministry of Land, Infrastructure and Transport, 2018). 

Accelerating BIM adoption leads to the settlement of BIM design, which means that in the 
future, facility maintenance will also be converted to a BIM-based system. However, in order to 
utilize BIM for the maintenance of structures built before the introduction of BIM, the process 
of building a 3D BIM model for an existing structure, reverse engineering, and so on are 
required. However, BIM modeling through reverse engineering has problems in that it consumes 
a lot of cost and time in the process of actual measurement and drawing re-creation, and requires 
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specialized manpower and technology. To solve this problem, the Scan-to-BIM technology that 
can create drawings without requiring professional measurement ability is utilized (Park, 2021). 

The Scan-to-BIM process begins with measuring the structure with LIDAR (Light Detection 
And Ranging). LiDAR enables precise measurement of the shape of the structure and is also 
used to evaluate the condition of the structure. In addition, it is possible to acquire a relatively 
wide range of 3D information in the form of high-density point cloud (pc) data through the 
process of measuring structures from multiple directions and matching them, so it is widely used 
to build precise 3D models (Hong et al., 2012; Park and Lee, 2015; Lee and Sim, 2021). 

The vast amount of pe data acquired has positional information and RGB values that can 
simply visually see the three-dimensional shape of the structure, but it is not known where each 
point is included in the components of the structure. Therefore, in order to effectively utilize pc 
data for BIM-based maintenance, it is necessary to manually classify where each point corres- 
ponds to among the components of the structure, and a 3D BIM model is built using the classi- 
fied points. Currently, all of these processes are done manually, and a lot of manpower, time, 
and cost are consumed as a series of simple and repetitive tasks. 

In order to overcome this limitation, studies are being conducted to automate the creation of 
3D models in point clouds. Among them, studies on semantic segmentation that classify different 
objects from point cloud data in which various objects are mixed through deep learning are being 
conducted (Qi et al., 2017; Landrieu and Simonovsky 2018; Wang et al., 2019; Rao et al., 2021), 
studies of semantic segmentation of structures through deep learning are also being conducted in 
the construction field (Soilan et al., 2020; Kim et al. al., 2020; Meng, 2020; Park, 2021; Lee et al., 
2021). All of these studies in the field of construction deal with different methods to improve test 
results. However, these studies were mainly conducted on application to the inside of building 
structures, and in the civil engineering field, most of the cases were aimed at bridge structures. 

In this study, PointNet and DGCNN, which are representative deep learning algorithms of 
semantic segmentation, were applied to 3D pc data of railway tunnels. In addition, the effects 
of hyperparameters on the generation of training data and the composition method between 
training data and test data on accuracy and IoU were reviewed. 


2 DEEP LEARNING ALGORITHM 


2.1 Point cloud 


A point cloud refers to a cluster of data points in three-dimensional space, usually created by 
a 3D scanner such as LiDAR. The 3D scanner measures a number of points on the outer sur- 
face of the structure, and the measured data is recorded in the form of points, and each point 
has 3D phase information (x, y, z) and color information (RGB) is included 


2.2 PointNet 


PointNet is the most representative deep learning technique for classifying or segmenting a 3D 
object by learning a point cloud (Qi et al, 2017). The PointNet can utilize the point cloud itself 
as training data without going through the process of converting it into regular data in the 
form of an image grid or 3D voxel. This has the advantage of being able to overcome prob- 
lems such as data capacity increase and data distortion that may occur during the conversion 
process. This advantage was judged to be effective in performing semantic segmentation tar- 
geting large-sized civil structures, so it was utilized in carrying out this study. The architecture 
of PointNet is shown in Figure 1. 


2.3 DGCNN 


In addition to the existing PointNet model, a graph-based DCNN technique (DGCNN; Wang 
et al., 2019) that can implement information around each point cloud more clearly was tried 
together. In the DGCNN model, the point cloud information around each point is graphed 
and then featured through the DCNN technique. On the other hand, unlike the existing 
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Figure 1. PointNet architecture (Qi et al., 2017). 


graph-based CNN (GNN) technique, DGCNN is configured to maximize the quality of fea- 
ture information generated by performing GNN at each layer of deep learning, so the term 
dynamic is additionally used. In addition, the K-nearest neighbor (KNN) technique was intro- 
duced to use the information of the surrounding point groups, and the number of point 
groups used in KNN was optimized to 20 through actual parameter analysis. 
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Figure 2. Concept of DGCNN (Wang et al., 2019). 


3 3D POINT CLOUD DATA 


3.1 Field measurement 


In order to perform the semantic segmentation of railway structure components using deep 
learning, it is first necessary to acquire 3D pc data. For this purpose, field measurements were 
performed on two tunnels of the test railway track located in the Jeondong-myeon, Cheong- 
won-gun, Sejong-si using Lidar. Tunnels were constructed conventionally and single line. The 
dimensions of the tunnels section are shown in the table below. 


Table 1. Tunnel section dimension. 


Tunnel Height (m) Width (m) 


No. 1 7.20 7.52 
No. 2 6.94 7.45 


The lidar equipment used in the field is AUSTRIA RIEGL’s VZ-400 and the measurement 
was performed while moving at regular intervals using a trolley. Since the laser beam of Lidar 
has linearity, if the part to be measured is covered by an object, the laser beam cannot reach 
it. When measuring the tunnel, the surface data of the side and the top can be measured with 
high density, but only the area near the lidar at the bottom of the tunnel is measured with 
high density. Measurements were performed at intervals of 4.5 m in order to measure high- 
quality data at the bottom of the tunnel. 


2846 


3.2 Post processing of 3D pc data 


Since the tunnel has a long length, after performing measurements several times, a post- 
processing process of merging each scan pc data into one is required. Post-processing gener- 
ally consists of the following five steps. 


1) Check pce data for each scanning result 
2) Merging each scan pc data into one 

3) RGB mapping 

4) Noise removal and labeling 

5) Data extraction 


In the first stage, measurement is carried out by determining the appropriate number of 
measurement points according to the length, shape. The process of checking that there is no 
abnormality in the PCD measured at each point should be preceded. 

Step 2, after checking the measured pc at each point, a merging process of integrat- 
ing the entire structure into one coordinate system is performed. By performing regis- 
tration, it is possible to integrate point position data (x, y, z coordinates) for all 
measured points into one file. 

Step 3, in order to utilize color data (RGB in addition to position data (x, y, z coordinates) 
of pc data, a process of mapping photo data to pc position is required. Through this, it is pos- 
sible to obtain a pc in which position data and color data are combined. 

Step 4, it is necessary to remove noise and label each structural component in order to process 
the pc into learning data that can be applied to deep learning. Noise removal and labeling are 
done by hand, and the work of separating each component is repeated. The tunnel was divided 
into unit length in the longitudinal direction, and the objects were labeled with a total of 5 cat- 
egories (lining, drain, rail, bottom, wire). Through these repetitive tasks, a learning data was built. 
The length of the No. 1 tunnel is 580 m and consists of 29 units (1 unit is 20 m), and the No. 2 
The tunnel is 400m long and consists of 20 units (1 unit is 12 m). 

Step 5, the location data (x, y, z coordinates) and color data (RGB) of the data that has 
been labeled are extracted in ASCII format. 


4 SEMANTIC SEGMENT OF RAILWAY TUNNEL 


Semantic segmentation was performed using PointNet for 3D pc data of railway tunnel. In 
general, deep learning analysis, k-fold cross validation is used, and at this time, pc data of the 
target structure is randomly divided for each fold. Therefore, the data of the same target struc- 
ture is distributed in the test and train, which is thought to affect the analysis result. First, 
analysis was performed to confirm the effect of using the same tunnel for training and test 
data. Second, the effect of hyper parameters that construct training data on the results was 
analyzed. In addition, DGCNN was applied to compare the results with PointNet. 

The hyperparameters related to the training of PointNet and DGCNN are shown in the 
table below. In the case of DGCNN, the code is basically configured to use two GPUs, so 
there is a limitation in determining the batch size. The specifications of the work station used 
in this study are Inter i9-7980XE CPU, nvidia titan V GPU, 128GB ram. 

The analysis results were expressed as OA (overall accuracy), mean precision, mean recall, 
and mean IoU (mean intersection over union). They are calculated using Equations (1) to (4). 


N N 
OA = HI TP; = Xi TP; (1) 
VIP: + FP) Da GT; 
aa 
Mean Precision = l o (2) 
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(a) lining (b) drain 


(d) bottom (e) wire (f) total 


Figure 3. Categorize pc data through labeling (lining, drain, rail, bottom, wire). 


Table 2. Hyperparameters used in PC modeling. 


Parameter PointNet DGCNN 
Learning rate 0.001 0.001 
Batch size 24 6 
Max. epoch 50 200 
Momentum 0.9 0.9 
Decay step 300,000 300,000 
Decay rate 0.5 0.5 
Optimizer Adam Adam 
ae 
Mean Recall = a (3) 
Sets 
Mean loU = ee (4) 


Where, N is the number of categories, TP, FP and GT represent the true-positive, false- 
positive and ground truth data, respectively. In general, the results are evaluated with the 
overall accuracy and mean IoU. 


4.1 Effect of similarity between training data and test data 


If analysis is performed using k-fold cross validation, pc data of the same structure can be 
entered in each fold, which means that data of the same structure is included in the test and 
train. However, when targeting an actual structure, a different structure pc is used for test and 
train because semantic segmentation is performed using a model trained with existing data. In 
order to evaluate the excellence between algorithms, it does not matter even if the test and 
train have the same data, but in order to reverse engineer the actual structure, it is necessary 
to review the similarity of the test and train data. 

In this chapter, we compared the result of 2-fold cv with each fold of two tunnel data and 
the result of 3-fold cv of uniformly distributing the two tunnel data on three folds. In 2-fold cv, 
there is no data of the same structure in train and test, and in 3-fold cv, there is data of the 
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Table 3. PointNet application result for 2-fold cv and 3-fold cv. 


Precision Recall IoU 
Overall 
Case Acc. Mean Comp. Mean Comp. Mean Comp. Category 
2-fold 0.93 0.79 0.93 0.83 0.93 0.67 0.87 Bottom 
cv 0.86 0.83 0.73 Drain 
0.99 0.96 0.95 Lining 
0.67 0.58 0.29 Rail 
0.52 0.88 0.48 Wire 
3-fold 0.99 0.97 0.99 0.96 0.99 0.93 0.97 
cv 0.95 0.96 0.92 
1.00 1.00 1.00 
0.93 0.92 0.86 


0.99 0.94 0.93 


same structure in train and test. As shown in Table 3, the overall accuracy of the 3-fold cv was 
0.99, which is higher than the 0.93 of the 2-fold cv, and it showed a very large difference at 0.93 
compared to the 2-fold cv of 0.67 in IoU. Similarly, precision and recall were also higher in 
3-fold cv. 

Although the difference in shape between the tunnels is not large, it means that if the tun- 
nels of the train and the test are different when performing semantic segment using deep learn- 
ing, the accuracy and IoU of the analysis may be lowered. 


4.2 Influence of hyperparameters on PointNet’s train data construction 


In order to generate training data for train in PointNet, data is extracted from raw pc file. 
A block of a certain size is defined, and 4096 points are randomly extracted among the points 
in the block while moving the block uniformly in the area of the x and y axes. The hyperpara- 
meters at this time are the size of the block and the movement distance (stride) of the block. If 
the stride is increased, the overlap is small and the number of points to be extracted decreases. 
In this chapter, we analyzed the deep learning results according to the training data generation 
method while changing two hyperparameters. 

As shown in Table 4, the analysis results for the tunnel pc data showed that the hyperpara- 
meter had little effect. Depending on the stride, there was a big difference in data volume, ran- 
ging from 1,3 to 7.1GB, but overall accuracy and mean IoU were not significantly different. It 
was found that the amount of data used for learning did not have a significant effect on the 
improvement of the results. Rather, when the block size is 2m, the smaller the data volume, 
the higher the result. 

In the case of tunnels, since the shape is simpler than that of bridges or buildings, it is 
judged that the method of constructing the learning data does not significantly affect the 
results. Since the analysis time required for learning can be reduced as the amount of data is 
small, it can be efficient to learn with a small amount of data. Also, in the case of tunnels, it is 
considered more efficient to make several different tunnels as training data than to learn a lot 
of data from the same tunnel. 


4.3 Application results of DGCNN 


2-fold cv and 3-fold cv analysis were performed with the DGCNN algorithm in the same 
manner as in 4.1. Same as PointNet, the result of 3-fold cv was higher. Compared with the 
results of PointNet, overall accuracy, mean precision, mean recall, and mean IoU all showed 
a slight increase in results. In particular, it showed that the IoU value of the rail and wire cat- 
egories with relatively low IoU values in PointNet increased. 
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(a) 2-fold cv of no.1 tunnel (b) 2-fold cv of no.2 tunnel 
(c) 3-fold cv of no.1 tunnel (d) 3-fold cv of no.2 tunnel 


Figure 4. PointNet application result for 2-fold cv and 3-fold cv. 


Table 4. Influence of hyperparameters on PointNet’s train data construction. 


stride 
Block Size Result 0.7 0.5 0.3 
lm Data volume 1.3 2.4 6.4 
Overall Acc 0.929 0.931 0.925 
Mean IoU 0.655 0.669 0.655 
2m Data volume 1.4 2.6 7.1 
Overall Acc 0.926 0.908 0.909 
Mean IoU 0.644 0.611 0.608 


Table 5. DGCNN application result for 2-fold cv and 3-fold cv. 


Precision Recall IoU 
Overall 
Case Acc. Mean Comp. Mean Comp. Mean Comp. Category 
2-fold 0.94 0.84 0.93 0.82 0.97 0.69 0.90 Bottom 
cv 0.87 0.78 0.71 Drain 
0.99 0.96 0.95 Lining 
0.81 0.53 0.35 Rail 
0.61 0.87 0.55 Wire 
3-fold 0.99 0.98 0.99 0.98 0.99 0.96 0.98 
cv 0.98 0.97 0.95 
1.00 1.00 1.00 
0.95 0.95 0.90 
0.98 0.97 0.96 
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5 CONCLUSION 


Semantic segmentation was performed using deep learning for 3D pc data of railway tunnel. 
Using PointNet, analysis was performed on the similarity of train data and test data and the 
effect of hyperparameters that create training data. In addition, DGCNN was applied to com- 
pare the results with PointNet. 

3-fold cv, in which the data of the same tunnel is equally included in the train and test folders, 
and 2-fold cv, which consists of data from different tunnels, were analyzed. The overall accuracy 
in 3-fold cv was high, and the difference in IoU was larger. Similarly, precision and recall were 
also higher in 3-fold cv. Although the shape of the tunnel is similar, it seems that the results of 
deep learning analysis may drop if there is tunnel data that is not in the train data in the test data. 

The analysis was performed while changing the size of the block and the movement distance 
(stride) of the block, which are hyperparameters for constructing train data. The effect on the 
results according to the hyperparameters was not large, but the difference in the train data 
volume was up to about 5.4 times different depending on the stride. For the efficiency of deep 
learning learning and data construction, it is necessary to use an appropriate data volume. 
Also, it is considered more efficient to make several different tunnels as training data than to 
learn a lot of data from the same tunnel. 

2-fold cv and 3-fold cv analysis were performed with the DGCNN algorithm. Same as 
PointNet, the result of 3-fold cv was higher. Compared with the results of PointNet, overall 
accuracy, mean precision, mean recall, and mean IoU all showed a slight increase in results. 
In particular, it showed that the IoU value of the rail and wire categories with relatively low 
IoU values in PointNet increased. 

This study utilized the measured data for two tunnels of slightly different sizes, and it is 
expected that the results of deep learning will be better if the tunnel data for various sizes and 
shapes are constructed as train data. In the future, we plan to conduct a study on whether it is 
possible to improve the results of deep learning tests on pc data of new tunnels through the 
increase of various learning data. 
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ABSTRACT: The construction of a tunnel can induce subsidence in the ground at surface 
level, which can affect and cause damage to existing structures, especially in areas with high 
building density. This paper presents a deep neural network model (DNN) to estimate the 
maximum surface settlement “Smax” in a tunnel excavated with using conventional tunnelling. 
The structuring of the deep learning algorithm was performed using the TensorFlow library in 
Python 3.0. The DNN model was trained, tested, and validated using a synthetic database 
composed of several numerical models automated with Python in the finite element program 
PLAXIS2D. Variables associated with soil properties, support characteristics, surface over- 
burden in the context of the conventional tunnelling process were considered for the model- 
ling. To verify the estimation capacity of the DNN model, performance tests and statistical 
analyses were carried out, with the results showing good predictive capacity of the model for 
the three variables analysed. 


1 INTRODUCTION 


Tunnels are critical transportation infrastructure in every society, connecting different urban 
and working areas through subway infrastructure, allowing the development of civil, eco- 
nomic, industrial, and administrative activities. The excavation, construction, and operation 
of a tunnel influence the infrastructure around it because of the effects that different stages 
have on the soil/rock due to the stress changes induced in the soil/rock mass. Thus, one of the 
critical variables to control in developing a tunnel is the settlement that the subway work may 
have on the surface infrastructure due to the deformations and displacements in the surround- 
ing ground around the excavation. 

Analytical methodologies estimate the surface settlement in the tunnel cross-section, assum- 
ing that the ground deformations have stabilized, making it a two-dimensional problem. Four 
main ones show good agreement between observations of actual tunnels and predictions 
(Chou and Bobet 2002). However, their main limitation is that they have been developed or 
validated for a limited number of cases, applicable only to situations that fit within the initial 
hypotheses. In these analytical methodologies, the fundamental variables are 1) tunnel 
radius, 2) depth to tunnel center, and 3) the deformation modulus of the soil. Nowadays, 
there are numerical methodologies like finite differences FDM and finite elements FEM, 
delivering reliable results in reasonable times, demanding proper use of constitutive modeling 
and geotechnical criteria. 

Sometimes, traditional methods are too simplified to deal with soil complexities. In that 
context, the application of artificial intelligence methods has appeared in geotechnical engin- 
eering, exhibiting a high predictive capability compared to traditional methods. As a result, 
they have become increasingly reliable. (Juwaied 2018). In particular, in the field of tunnels, 
several intelligent methods have been used to predict the maximum surface settlement result- 
ing from the excavation of these structures, where the capacity of the tunnel has been verified 
(Bouayad and Emeriault 2017, Chen et al. 2019). Furthermore, the predictive capability of the 
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models for the estimation of surface settlement has been verified by comparison with field 
data from different urban tunnels in the world (Mahmoodzadeh et al., 2020). However, des- 
pite the good predictive capacity demonstrated by these new artificial intelligence methods, 
the main limitation is the amount of data with which the algorithms have been trained, 
making use of the order of 400 data in the best case. 

In the context presented, this study develops deep learning algorithms DNN trained to 
characterize the maximum surface settlement Smax, influence width w, and plastic radius of 
tunnels constructed with the conventional tunneling method. The study initially identifies the 
main variables determining the settlement of tunnels, such as soil deformation modulus, sur- 
face overburden, tunnel radius, cohesion, depth to tunnel center, and friction angle. Subse- 
quently, 33,000 numerical models were generated to train, validate, and evaluate the 
developed algorithms. It was observed that the algorithms capture the logic of the data pro- 
vided, predicting settlements, the width of influence of the settlement basin, and the plastic 
radius, providing additional evidence regarding the promising methodologies implemented in 
geotechnical engineering and contributing to essential aspects related to tunnel design. 


2 METHODOLOGY 


The methodology considers three main aspects: 1) sensitivity analysis and determination of the 
most representative input parameters of the models, 2) numerical modeling in PLAXIS2D to 
generate the synthetic database, and 3) training, validation, and performance testing of the 
DNN models. The sensitivity analysis determines the main variables that should be considered 
in the iterative design. Variables or parameters such as ground conditions, tunnel depth, geo- 
metrical characteristics of the section, etc., control tunnel design. The Mohr-Coulomb constitu- 
tive model has been considered to model soil behavior. The value of each of the variables that 
constitute the base model on which the influence of the rest of the variables is in Table 1. Once 
the most critical variables are established, the physical problem is modeled in the FEM software 
PLAXIS2D, where the soil properties, tunnel geometry, lining structure, load states, and con- 
struction sequence are defined. Also, the model width of 180 m is considered such that the 
boundary conditions do not influence the behavior of the tunnel, as shown in Figure 1. To opti- 
mize the development and analysis of the numerical models in PLAXIS2D, Python-PLAXIS 
user interface application (API) was used, which works through scripts coded in Jupyter Note- 
book. The API is used to develop the code blocks that simulate the manual modeling process, 
automatically allowing information analysis and extraction. The programming of the models is 
executed in such a way that in each iteration, one of the input variables changes with respect to 
the previous case. With these data, the tunnel model is generated in the soil stratum considering 
the construction sequence through the convention excavation methodology. Finally, the model 
is run and analyzed to extract the information from each node. This information is processed to 
obtain the desired output parameters corresponding to the maximum surface settlement Smax- 


Surface overburden $ 


Soil properties 
E 
0 


Figure 1. Representation of input parameters of numerical models. 
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Where E is the deformation modulus of the soil, ¢ is the friction angle, c is the cohesion, y is 
the unit weight, v, Is the soil Poisson’s modulus, Ko is the soil lateral thrust coefficient, 2 is the 
deconfinement due to the arching effect on the ground, f is the lining thickness, f, is the com- 
pressive strength of concrete, 17 is the lining of Poisson’s modulus, R is the tunnel radius, H is 
the depth to the tunnel center, SH is the stratum height, and S is the surface overburden. 


Table 1. Base model parameter values for sensitivity analysis. 


N° Parameter Base Model Value Units 
1 S 60 kPa 
2 E 212000 kPa 
3 c 50 kPa 
4 R 4.5 m 
5 B 0.4 - 
6 H 20 m 
7 ) 33 2 
8 y 19 kN/m? 
9 SH 60 m 
10 Ko 0.5 - 
11 Vs 0.3 - 
12 t 0.3 m 
13 F 30 MPa 
14 vi 0.2 - 


The final part of the study consists of structuring the deep learning algorithm in Python 3.0 
using the TensorFlow library, which provides a complete ecosystem to help solve complex prob- 
lems related to machine learning. Once the model is structured, we proceed to load the training 
and validation data set from which the model will extract the knowledge, to finally perform the 
performance tests that evaluate the predictive capacity of the DNN model in comparison with the 
results of PLAXIS2D for the statistical analysis Equations (1), (2), (3), and (4) were considered. 
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Where f(x) Does PLAXIS2D provide the target value, /*(x) is the prediction made by the 


DNN model, f(x) is the average of the target values and /*(x) is the average of the DNN 
prediction values. 


3 RESULTS 


3.1 Sensitivity analysis 


The following sequence of graphs presents the results of the sensitivity analysis of each of the 
variables with respect to the maximum surface settlement Smax. Table 2 shows the relative 
effect of the percentage of each parameter on the change in Smax- 
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Figure 2. Effect of different parameters on maximum surface settlement Smax- 


It can be seen from the data in Figure 2 that most of the relationships are linear, directly, or 
inversely proportional. Those variables that show a more marked nonlinear behavior corres- 
pond to the deformation modulus, friction angle, cohesion, radius, and lining thickness. 

As shown in Table 2, some variables have a relatively low percentage of importance in the 
analysis of Smax. For example, the Poisson’s modulus of liner v; have a relative importance of 
0.0%. For this reason, this variable can be considered to have a negligible effect on the results 
obtained from an iteration perspective. In the same way, the relative percentage change of 
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Table 2. Importance of the different design parameters in the maximum surface settlement. 


Range ASimax % Change 
N° Parameter Unit Minimum Maximum Initial Final Absolute Relative 
1 E kPa 20000 500000 213.6 9.3 95.6 21.9 
2 S kPa 0 300 5.8 86.6 93.3 21.4 
3 R m 2 7 14.3 39.1 63.4 14.5 
4 c kPa 10 100 27.6 18.7 32.2 7.4 
5 SH m 50 100 19.8 28.4 30.3 6.9 
6 H m 10 35 18.5 25.8 28.3 6.5 
7 ) P 28 42 24.6 18.7 24.0 5.5 
8 Vs - 0.2 0.4 23.3 18.4 21.0 4.8 
9 Ko - 0.4 0.9 22.1 18.2 17.6 4.0 
10 y kN/m? 16 22 19.6 23.6 16.9 3.9 
11 B - 0.3 0.5 22.9 20.1 12.2 2.8 
12 t m 0.15 0.45 21.6 21.4 0.9 0.2 
13 f'e MPa 25 35 21.6 21.5 0.5 0.1 
14 vı - 0.1 0.3 21.5 21.5 0.0 0.0 


Smax by varying fo Boy y vs are 0.1%, 2.8%, 3.9%, and 4.8%, respectively. Therefore, these 
variables are discarded from the iterations remaining with a fixed value corresponding to the 
mean value of their respective ranges. On the other hand, the lining thickness ¢ and horizontal 
thrust coefficient Ko have a low percentage of relative importance (0.2% for t and 4.0% for Ko), 
however, the theory of static tunnel design shows that the stress states in the tunnel contour are 
strongly conditioned by the value of Ko, as well as the thickness of the lining, has a significant 
influence on the relative ground-support stiffness, which is why these two parameters are not 
discarded as iterable variables. 

According to the above, five parameters assume a fixed value (due to their low relative 
importance in the settlement), while the remaining nine take variable values. These findings are 
consistent with the work of Moeinossadat & Ahangari (2019a), who study the effect of different 
variables on constructing line seven of the Tehran metro. The construction method, in that case, 
corresponded to EPB. However, they conclude that "V," y "y" are the least influential param- 
eters. On the contrary, parameters such as "H","¢" y "E" are the most relevant. In the same way 
Liu et al. (2018) perform a global sensitivity analysis through the extended Fourier amplitude 
sensitivity test. One of the main conclusions is that the most influential parameters are the depth 
of the tunnel "H" and the additional surface overburden "S". Finally, an important aspect to 
note is that the percentage of change of the variables (and their relative influence) is strongly 
conditioned by the range of values they can take, therefore, the previous analyses can change if 
the range of values that has been selected for each of the parameters is modified. 


3.2 DNN model 


This section presents the results of the performance tests on the neural network algorithms. 
These algorithms have been designed to estimate a single final result, i.e., they contain a single 
node in the output layer, corresponding to the maximum surface settlement Smax. One neural 
network model is created for each output variable. 

The performance of the deep neural network models can be visually verified through two 
graphs. The first one directly compares the settling results obtained from the numerical in 
PLAXIS2D with the neural network’s predictions, where the vertical axis indicates the result 
obtained by each method and the corresponding number of trials on the horizontal axis, as 
shown in Figure 3. The second type of graph presents on the vertical axis the value of the 
output variable obtained by DNN and on the horizontal axis the value obtained by the 
numerical model in PLAXIS2D. The data can be fitted with a trend line and complemented 
with another 1:1 line. The closer the two lines are, the better the quality of the deep neural 
network model predictions. 
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In addition to graphs, four statistical evaluation criteria are used to determine the predic- 
tion performance of the deep learning neural network model. These criteria are: 1) coefficient 
of determination (R°), 2) mean absolute error (MAE), 3) mean square error (MSE), and 4) the 
root mean square error (RMSE). 

The hyperparameters define the neural network architecture relevant for obtaining good 
results using DNN models. The most critical hyperparameters are: 1) Number of hidden 
layers, 2) Number of nodes per layer, 3) Activation function, 4) Batch size, 5) Optimizer, 6) 
Learning rate, and 7) Verbose. Table 3 presents the specifications of the training hyperpara- 
meters of the DNN model to estimate S,,,,., w, and plastic radius. 


Table 3. Specification of DNN model hyperparameters. 


Hyperparameter Value or Type Meaning 

Number of hidden layers 4 Number of hidden layers of the DNN model. 

Number of nodes per layer 50 Number of nodes in each hidden layer of the DNN 
model. 

Activation function ‘tanh,’ ‘elu’ Criteria for activation of nodes in each layer. 

Lot size 10 Number of data that make up a batch in the training 
process (subdivisions of the global set). 

Optimizer ‘adam’ Optimization function to minimize loss. 

Learning rate 0.001 Convergence speed of the optimizer. 

Epochs 50 Maximum number of learning cycles. 

Verbose 2 Associated with the information displayed on the screen 


during the training process. 


3.2.1 DNN model for maximum surface settlement Smax 

In Figure 3, each point represents the target values (results obtained from the numerical 
models in PLAXIS 2D). The solid line corresponds to the predictions of the DNN model, 
where the same input data have been used for both cases in each one of the tests. Those cases 
where the continuous line does not touch the black dots can be interpreted that the model is 
underestimating the value of Smax with respect to the value obtained from PLAXIS 2D. On 
the contrary, the value is overestimated if the trend exceeds the black dot. It is essential to 
consider that artificial intelligence models do not predict values perfectly (there will always be 
a slight difference). The important thing is the capacity to capture the underlying logic in the 
data and follow a particular trend, as shown in Figure 4. 


~~ Estimated DNN 
è PLAXIS value 


Test data N° 


Figure 3. Comparison between DNN model estimation and PLAXIS values for maximum settlement. 


The value of MAE y R? obtained from the above figure is 5.59 mm and 0.9934, respectively, 
which can be considered a good accuracy in predicting the maximum surface settlement for 
tunnel projects as presented by Mahmoodzadeh et al. (2020), estimating Smax by DNN, 
obtaining values of MAE y R? values of 2.29 mm and 0.9939, respectively. However, the max- 
imum settlement studied in that case is close to 300 mm, lower than that obtained in this work 
with values close to 600 mm, which influences the value of the mean absolute error (MAE) is 


2858 


© DNN 


--- Line 1:1 R? = 0.9934 
Linear (DNN 


0 100 200 300 400 500 600 
Sras PLAXIS [mm] 


Figure 4. DNN model performance in predicting maximum surface settlement. 


greater, since the greatest dispersions of the model are observed for settlements greater than 
300 mm. Finally, the regression line coincides very well with the 1:1 line, where the model esti- 
mates coincide entirely with the PLAXIS2D values, which ratifies the good estimation cap- 
acity of the model. 

It is important to note that a settlement of 600 mm is an extreme value and would cause 
severe damage to the surface structures if exposed to this deformation level. However, it 
should be emphasized that this research is carried out from a parametric perspective. There- 
fore, this type of extreme value is due to some of the 33,000 cases analyzed, where low values 
of soil strength and stiffness parameters, a very flexible lining, a large diameter surface tunnel, 
and high surface overload coincide, inevitably resulting in very high settlement values. This 
situation requires additional engineering measures to be implemented in a real context (thicker 
linings, reinforcement with anchors, changing the excavation sequence, improving soil quality, 
etc.), whose purpose is to reduce settlements to acceptable values, not affecting the structures 
near the tunnel excavation zone. 

By verifying the input data of each test, it is clear that high surface settlement values occur 
when the combination of low modulus of deformation and soil cohesion, high surface ground 
overburden, and large diameter tunnel at shallow depth (shallow tunnel) occurs. On the other 
hand, numerical, experimental, and empirical works have been presented (Ahangari et al. 
2015), where it is established that the radius and depth of the tunnel are the predominant vari- 
ables that control the surface deformations. In addition, it is established that there is an 
increase in settlement with a decrease in soil stiffness. 


4 CONCLUSIONS 


This research generated an intelligent tool capable of estimating surface settlement and plastic 
radius in the tunnel contour. For that reason, a deep learning neural network (DNN) algo- 
rithm was trained with data from numerical models that were synthetically generated and 
automatically analyzed by programming in PLAXIS 2D, managing to process 33,000 models 
for settlement analysis. The sensitivity analysis verifies that the most important variables, in 
terms of the observed surface settlement, correspond to 1) soil deformation modulus, 2) sur- 
face overburden, 3) tunnel radius, 4) soil cohesion, 5) stratum height, 6) depth to tunnel 
center, and 7) friction angle. A DNN model was trained and validated to predict the max- 
imum surface settlement. The performance tests carried out with this model reflect 
a reasonable predictive capacity for the three variables analyzed, which can be verified by the 
close approximation between the linear regression lines and the 1:1 line, as well as by the stat- 
istical evaluation criteria presented, particularly the correlation coefficient R? and the mean 
absolute error MAE, which give results comparable to those obtained by Mahmoodzadeh 
et al. (2020) for the variable Smax- 
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In the development of the research, finite element software programming tools have been 
linked to artificial intelligence algorithms, which allow quick adoption of these methodologies 
to other geotechnical problems in Chile, such as retaining structures and earth dams, and soil 
classification, among others. 

The main disadvantage of machine learning is that the models lose predictive capability out- 
side the range of values used in the training process. Therefore, verifying and complementing 
the analysis with an alternative method, such as finite elements or analytical equations, is 
recommended when some parameters fall outside the training ranges. 
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ABSTRACT: _ Digitalization opens the possibility of avoiding the waste of three very important 
assets. We can minimize the unnecessary loss of materials, time, and information by optimizing 
our use, presentation, and exchange of data. The more complex a construction is, the higher the 
number of participants in a project are, the bigger the infrastructure network of which a tunnel is 
part of, the better the digitalization shows its advantages. Digital continuity is the key for cross- 
phase and cross-divisional system solutions. With the help of 7 industry partners, under the coord- 
ination of the Swiss Center of Applied Technologies (SCAUT) the aim of the Tunnel Digitaliza- 
tion Center (TDC) is to showcase and develop new use-cases among very different stakeholders to 
innovate and demonstrate thirds the complex digital processes in a real environment. With this 
project, SCAUT aims to make an important contribution to the digitalization of the whole tunnel- 
ling industry. From BIM and electromechanical equipment to operation and digital services in 
maintenance, several possible applications of the digital twin: at the TDC solutions across the 
entire value chain and life cycle are demonstrated. It allows demonstration and simulation in 
a realistic environment. Innovative uses cases, like cloud solutions, BIM and IoT for tunnelling 
are part of it. In this paper the concept of the TDC is going to be presented, and the use cases 
shown there focusing on simulations, commissioning, operation, and maintenance. 


1 INTRODUCTION 


Even though an important development work has been done in the last years in the tunnelling 
industry, digitalization in tunnelling has still great further possibilities. A lot of communica- 
tion among the different stakeholders is needed and a big amount of standardization processes 
must be done to profit of its full potential. 

At the same time, for many players in the construction processes, digitalization is still too 
abstract to understand and needs deep explanation to be properly understood. It’s especially 
true if it comes to complex connections. 

On top of that, the more complex a construction is, the higher the number of participants in 
a project are, the bigger the infrastructure network of which a tunnel is part of, the better the 
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digitalization shows its advantages. Digital continuity is the key for cross-phase and cross- 
divisional system solutions. 

The Tunnel Digitalization Center Project of SCAUT enables exactly this cross-industry 
communication among the different stakeholders, that is needed to push the digital transform- 
ation in tunnelling. With its demonstrations, it aims to play an educative and eye-opener role 
for new technologies. 

The Tunnel Digitalization Center was officially opened in October 2019 in the Hagerbach 
Test Gallery in Switzerland and is a project in permanent development since then. 


2 THE TUNNEL DIGITALIZATION CENTER 


2.1 What is the Tunnel Digitalization Center 


In the Tunnel Digitalization Center (TDC), with the help of 7 industry partners, under the 
coordination of the Swiss Center of Applied Technologies (SCAUT) the aim is, to high-light 
and develop new use-cases among very different stakeholders to innovate and showcase third 
parties the complex digital processes in a real environment. With this project, SCAUT’s intends 
to make an important contribution to the digitalization of the whole tunnelling industry. 

The focus is on cross-phase and cross-divisional system solutions that span the entire value 
chain and life cycle of tunnel systems — from planning with BIM and the subsequent structural 
work and electromechanical equipment to the operating phase and digital maintenance ser- 
vices. New technologies and innovative concepts can be demonstrated on a scale 1:1, which 
leads to a better understanding of complex processes and procedures as well as a high level of 
cost-efficiency. 

In particular, the interaction between different partners will be demonstrated using shared 
use-cases and presented live on site. In addition to reducing complexity, the Tunnel Digitaliza- 
tion Center focuses on saving time, optimizing efficiency, and increasing productivity. This 
goal is achieved with standardized, efficient engineering and a high degree of automation. As 
a result, tunnels can be put into operation earlier thanks to virtual commissioning, training, 
and simulations. The high level of safety and optimized maintenance also enable the tunnel to 
be operated sustainably and permanently. 


2.2 Stakeholders 


The Swiss Center of Applied Underground Technologies (SCAUT) is a competency center for 
the use of the underground space. It relies on high-end engineering, innovative solutions, and 
most advanced ICT to make a substantial contribution to the creation of underground spaces 
for the future and to provide relief for metropolises and highly populated urban areas. 

The companies Amberg Engineering Ltd with its expertise in infrastructure construction, Sie- 
mens Ltd for automation, Elkuch Group Ltd as the expert for door systems and HBI Haerter Ltd 
for tunnel ventilation simulations, TLT Turbo Ltd as a fabricant of ventilators, Amberg Tech- 
nologies Ltd, as a surveyor specialist and JES Elektrotechnik Ltd as a provider of environmental 
monitoring solutions for traffic applications such as tunnels were won as industrial partners. 


2.3 Main benefits of simulations, commissioning, operation, and maintenance with digital tools, 
state of the art today 


Monitoring large-scale structures such as tunnels has always presented significant challenges, 
particularly when localized damage needs to be detected and mapped. Traditionally, the only 
monitoring procedure allowing the detection and localization of damage such as leakages, settle- 
ments, cracks, or abnormal joint movements was periodic visual inspection. However, inspect- 
ing large structures regularly is a tedious and subjective procedure, which reveals issues only 
visible to the eye. The interval between inspections can be large, and it is difficult to obtain 
rapid feedback on the conditions of a structure during or immediately after an event such as an 
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earthquake or a large storm. Permanent monitoring systems based on distributed optical fiber 
sensing technology, laser distance meters, and synthetic aperture radar have opened new possi- 
bilities to address these needs. They allow integrity monitoring with direct detection, localiza- 
tion, characterization, and immediate reporting of new local conditions. These systems are 
therefore able to not only measure strain and temperature (answering the “how much” question) 
but also localize possible damage areas (answering the “where” question). This makes them 
ideal for monitoring structures where the location of a possible instability or failure is unknown. 


3 SIMULATIONS AND COMMISSIONING 


3.1 Ventilation and safety at the Tunnel Digitalization Center/Ventilation simulation 


In the Tunnel Digitalization Center one example of the demonstrated use-cases is for ventila- 
tion simulation, that has been developed by two of the consortium partners. 

The aim is to be able to systematically test the tunnel ventilation control before the system is 
available and without blocking it. In addition, scenarios can be tested that are difficult to simu- 
late in reality (e.g., traffic, fires). In this way, errors in the control system can be minimized. 

The tunnel ventilation simulator is a digital twin of the tunnel system, which, based on 
external control commands to the ventilation system, calculates the air quality, air tempera- 
ture and velocity, including any smoke development as well as flow velocities in real time. The 
effects of vehicles, wind, temperature, fires, etc. are automatically calculated. 

Thus, a complete virtual commissioning can be performed. In addition, scenarios can be 
tested which cannot be tested in the tunnel, such as a tanker truck fire. Thanks to the automa- 
tion possibilities, significantly more scenarios are tested than in a conventional commissioning. 

The tunnel ventilation simulator is also used for operator training and during factory 
acceptance tests of the ventilation control system. 


Tunnel Ventilation Simutator 


Figure 1. HBI Tunnel ventilation simulator. 


3.2 Ventilation and safety at the Tunnel Digitalization Center/Safety door 


The other safety-related use-case is the virtual commissioning of the tunnel door. 

To shorten the commissioning time, we use the possibility of virtual commissioning. 

Using the tunnel door as an example, a complete test of the setup can be shown. The control 
program of the door is tested in advance with a virtual twin of the tunnel door. 
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The physical behavior of the door is simulated and displayed. Different mechanical influ- 
ences can be simulated. The control program must react correctly to these influences, such as 
a blockage of the door. Thus, a product is installed in the real plant that has been completely 
tested virtually beforehand. No more surprises during commissioning at the plant. 

Elkuch with Siemens offers the possibility to equip the doors with various sensors. This 
makes it possible to monitor and control a wide range of environmental conditions, such as 
pressure and suction loads caused by trains passing, acceleration of the door leaf, temperature, 
humidity, air quality and degree of contamination. Based on the data obtained from the sen- 
sors and the electric drive, it is possible to calculate the maintenance intervals for doors and 
optimize the schedules for maintenance. 

In addition, by digitizing the doors, the maintenance instructions, maintenance logs and 
spare parts lists can be accessed via a RFID-Chip at the door. Viewing the maintenance his- 
tory simplifies the work to be performed. In addition, spare parts can simultaneously be 
ordered during maintenance, which results in a minimization of the administrative effort. 

The fault-free functioning of escape doors is a critical factor for safe tunnel operation. Even 
the smallest malfunction of the doors during operation can lead to long interruptions of oper- 
ation or even complete tunnel closures. 

The conventional method of troubleshooting requires a free window of time to reach the 
door, diagnose the cause of the fault and rectify it. Response times therefore vary depending 
on the next available time window. 

The digital connection of the door reduces the response time for troubleshooting and diag- 
nosis. Troubleshooting can be simulated directly in the digital twin. Troubleshooting in the 
tunnel can thus be carried out in a targeted manner and in the shortest possible time. 

Tunnel operation also does not have to be interrupted for the training of operator person- 
nel. All functions of the door, such as normal opening sequence, blockages in opening and 
closing direction and behavior in case of power failure can be simulated in the digital twin. 


Figure 2. 3D virtual twin of the safety door. 


4 OPERATION 


4.1 Digital twin for operation, BIMIIoT implementation 


Getting information about the state of an existing structure is essential to plan its mainten- 
ance. Many structures in operation have measuring devices, which are manually checked on 
a regular basis. Due to higher efficiency and a lower response time, sensors are increasingly 
used to monitor structures. In either case, a measuring device, or a sensor only provides added 
values, if its data is regularly checked. Sensors connected to a server (e.g., via a SIM card) are 
often displayed on a web page and are thus easily accessible. It is often implemented that the 
person responsible for a structure receives a text message in case of alarming values, which 
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Figure 3. Control interface of virtual door. 


considerably decreases the response time. As BIM plays an increasingly important role in con- 
struction projects, an inclusion of sensor data into a BIM-model visualization is a promising 
use case. The data of a sensor can be projected onto its corresponding element in real time 
and highlighted in color if an alarm value is reached. 

The aim of this approach is not only to get a message, that the alarm value is reached, but 
also to provide context of the situation. If sensor data gives an indication that 
a construction element deforms more than a critical value, the surrounding elements can be 
visualized. This gives information whether the problem is local or whether the neighboring 
elements are also affected. Both problems can result in different measures to resolve the 
issue. This allows the user to understand the situation without having to analyze the data 
provided by the sensors, which takes time, and thus decreases the response time. Hence, this 
approach is particularly valuable for critical infrastructure, for which having the context 
earlier available is a great added value. Therefore, a more appropriate response may be 
found at an earlier stage, which can reduce disruption time, material usage and improve 
resource management. 


Figure 4. Heat map of sensor data about rail detorsions shown on the rail elements in the BIM model. 
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4.2 Sensor technology for the operational control and safety at the TDC 


The Tunnel Digitalization Center is equipped with several safety-related sensors, based on 
standards of a real tunnel project - from environmental monitoring such as air quality or air 
flow and sensors for the fire detection system to condition monitoring sensors for electro- 
mechanical equipment like jet fans or the escape door. 

The sensor signals are processed collectively in a high-available PLC system, which ensures 
a failure-resistant operation of different safety-relevant automation tasks in the tunnel. On the 
other hand, it makes the signals available to a SCADA system, where the real-time status of 
the sensors is displayed. 
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Figure 5. SCADA overview for the tunnel ventilation system and sensor technology. 
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Figure 6. Overview of condition monitoring system for the jet fan. 
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Thanks to digital twins, all sensors can be emulated in a virtual environment to validate the 
PLC code or to simulate various scenarios using behavior models in an early project phase 
without having any tunnel hardware. As a result of this, the real commissioning at the plant 
can start based on a successfully pretested program. 

Another use case within the context of sensor technology is the predictive maintenance of com- 
ponents, which are relevant for a safe operation of a tunnel. The data provided by condition 
monitoring sensors installed at electromechanical devices can be used for an early detection of fail- 
ures or anomalies. This helps to increase the availability and reliability of the entire tunnel system. 


5 APPLICATION OF THE ABOVE MENTIONNED TECHOLOGIES ON PROJECTS - 
THE SCHWAMEDINGEN TUNNEL 


Noise, exhaust fumes and an almost insurmountable separation of their district — the traffic- 
plagued residents of Schwamendingen had had enough of all of this, and a project was 
launched to cover a part of the motorway. The tunnel will run from the Zurich East motorway 
junction to the Schéneich Tunnel, extending the latter by 940 m in length to 1.7 km. The venti- 
lation system and the security features in the existing tunnel are to be renovated and modern- 
ised. The new tunnel will improve the connection between the two parts of Schwamendingen 
and protect the residents against noise and air pollution, while a large park on top of the con- 
struction will provide a recreational zone in the middle of the urban area. 

The project managers have chosen Siemens to take care of the complex control tasks. 
A Simatic $7-1500 master controller and ten local controllers ensure the optimal operation of 
the tunnel ventilation systems. 52 ET200SP local peripheral devices are used to monitor and 
record the current status in the tunnel via sensors and to control the motors and jet fans, 
which are equipped with Sinamics G120X frequency converters. 

A tunnel ventilation simulator has been developped, which was successfully used as a proof of 
concept in the collaboration with Siemens on the Roveredo bypass project. Thanks to its innova- 
tive modelling system, the HBI simulator allows for interaction with the controller and the real- 
time visualisation of the results. The advantages of using the digital twin for automation are also 
recognised. This is because it is not just the ventilation components that are being simulated — the 
controllers can also be mapped using the virtual PLCSIM Advanced controller in the TIA Portal. 
Various scenarios can thus be simulated and tested before the devices are installed on site. 

Thanks to the virtual commissioning, the Swiss Federal Roads Office (FEDRO) does not 
have to close this busy motorway section at all. Markus Eisenlohr, a specialist in operating 
and security equipment at the FEDRO, emphasised how important this is, as any closure 
would have immediate far-reaching effects on all of the traffic in the North Zurich area. Last 
but not least, virtual planning and commissioning is an excellent supplement to the planning 
of a project using Building Information Modelling (BIM), something which is becoming 
increasingly common in complex building projects. 


Figure 7. Visualisation of the Schwamedingen Tunnel. 


2867 


6 CONCLUSION 


The Tunnel Digitalization Center is much more than a real environment showroom for the 
digital products of a consortium. It is also a place for cross-industry innovation for cutting 
edge technology. By working on digital continuity, predictive maintenance and digital twin 
technology for construction and smart cities, our activity contributes to more efficient future 
technologies. Mainly by enabling information exchange and immediate feedback possibility. 
The work in the TDC has impact on social, economic, and environmental aspects. Digitaliza- 
tion opens the possibility of avoiding the waste of three very important assets. We can minimize 
the unnecessary loss of materials, time, and information by optimizing our use, presentation, and 
data exchange. That is why optimizing digitalization processes is very important to contribute to 
a sustainable future, and the Tunnel Digitalization Center insures a platform for this purpose. 
This way, we contribute to the following sustainability goals: 


— Responsible consumption and production: because we work on use-cases minimizing 
material losses 

— Sustainable cities and communities: by working on digital twin technology for infrastruc- 
ture and tunnelling and simulations for security 

— Climate action: 
o by pushing toward a paperless construction site 
o better logistic processes due to simulations 
© using less material because of less planning errors 


— Quality education: by regularly doing demonstrations for students 
— Industry, innovation, and infrastructure: because we work on better construction and oper- 
ation processes, and we are open about it 


Above that, closing tunnels for construction or maintenance is very costly and disrupts the 
daily lives of their many users. By working on minimizing closure times and maintenance and 
operating costs, a fundamental benefit for society can be approved. 
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ABSTRACT: In conventional tunnelling, geology and excavation behaviour allow to define 
the most appropriate excavation method and support sections needed during the construction 
phases. Because of the uncertainties on the real on-site geological conditions and soil behaviour, the 
design and project execution stages demand flexible organization and tools. The rapid rise of Build- 
ing Information Modelling (BIM) represents a major opportunity for tunnel engineering, construc- 
tion industry and public organizations to improve quality and efficiency of all services. Given the 
size of the project, its heterogeneity, strategic role, and sustainability, TELT puts forward the fully 
BIM approach to ensure the efficiency of the design, organization of information flows. 

This paper focuses on the BIM application on the construction site 8 (CO08) of the Tunnel 
Euralpin Lyon Turin (TELT) project. The project is implemented by the Contractors’ JV 
IMPLENIA FRANCE/NGE GC/ITINERA/RIZZANI De ECCHER and the design JV 
PINI France and Systra-SWS. The DAUB recommendation for BIM in tunnelling is applied. 
A database is created for all the structures and part of the structures of the project (supporting 
structures of the tunnel portal, conventional tunnel primary support, pre-support and final 
lining). All the components are fully modelled in BIM, according to the TELT technical speci- 
fications and requirements. A 3D geological model has also been implemented in order to 
have a dynamic comprehension of the geological sequence in all part of the tunnel alignment, 
to characterize the geological/geotechnical conditions and uncertainties at the tunnel face 
during construction, and to allow the Contractor to adapt its methods and support section. 

Dynamic 4D and 5D models are developed. This will permit the Contractors to efficiently 
follow and adapt the construction works and methods on site. 


1 GENERAL OVERVIEW OF THE PROJECT 


The cross-border section of the new Lyon-Turin line is a new railway line of approximately 
67 km linking Saint-Jean-de-Maurienne to Susa in Italy and Bussoleno where it connects to 
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the historic Turin-Modane line. In particular, the line requires the boring of 57.5 km one- 
track twin-tunnels, known as the “Montcenis base tunnel”, and of a 2 km twin-tunnel between 
Susa and Bussoleno, known as the “Interconnection tunnel”. 

On the French side, the civil engineering of the base tunnel is divided into 4 Operational 
Worksites (“Chantier Opérationnel” in french); CO08 is the one including the Villard Clément 
portal attacks and about 3 km long base tunnel. 

The works of CO08 include the transfer of the existing structures (cut-and-cover, platform for 
site installations and other structures carried out as part of the preliminary works of CO09a) and 
the construction of all the structures of the future base tunnel over a length of approximately 1.8 
to 3.8 km for each tube (including the communication cross passages, the niches and the installa- 
tion of external conveyor bands for the evacuation of materials), as well as a 150 m long cut-and- 
cover, backfilling and definitive surface installations. For these CO08 structures, the work includes 
pre-support, excavation, support, waterproofing, final lining, and facilities. 

One of the main challenges encountered in the project is the variability of the geotechnical 
conditions encountered along the tunnel alignment, with transitions between soft soils and 
rock and consequently the definition of numerous support profiles. 


ra —— Si 


Figure 1. CO08 - Project synoptic. 


2 DIGITALIZATION GOALS AND ORGANIZATION 


2.1  Digitalization goals 


TELT has decided to implement the BIM model of the new Turin-Lyon railway line, provid- 
ing guidelines on the main documental and technical properties on which the model is based 
and has chosen to require the production of BIM models in the construction phase. The BIM 
approach is part of an objective to plan, facilitate construction and monitor its progress, and 
will have to be continued at the end of the civil engineering works to constitute the future 
database and the digital twin of the built structure. TELT will use this data to integrate it into 
its future computer-aided maintenance management system and various operational support 
tools. TELT has identified the following macro-objectives to ensure the goals: 


Design optimization, multidimensional modelling between disciplines and conflict detection, 
— Project management, construction scheduling, sequencing (4D) and cost estimation (5D), 
— Use BIM models to extract quantities for the bill of quantities, 

— Facility Management for future maintenance and operation phases with BIM support, 
Public communication (videos, augmented reality, and virtual reality headsets). 


In this perspective TELT, given the size of his project, its complexity, and its timeframe, can 
place the BIM approach among its action guidelines as an element potentially able to grant 
success in information flows management. 


2.2 BIM execution plan 


The client’s BIM specifications or requirement specification are used to control the success of the 
BIM-designed project. The BIM execution plan (BEP) consider the client’s BIM specifications 
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and provides the binding agreement of a route to achieve the project requirements. The BEP is 
created and collaboratively further developed by the Contractor, the designers JV, and the Client. 
Concerning the modelling, the following main points are regulated: 


— Model structure (detail and master federated BIM models), 

— Coordinate origin according to LTF2004c, 

— Use of alignment as reference element, 

— Construction elements and their attributes, 

— Unique identification codes for the construction element, according to TELT WBS, 
— Color scheme. 


2.3 Digital project workflow and organization 


One elementary aspect of the BIM methodology is the central provision and administration of 
information as a single source of information. Therefore, the use of a common data environ- 
ment CDE in the project is necessary. The collaborative platform “Kairnial” has been chosen 
for the CO08 project. The client is also equipped with an Autodesk ® platform in use for all 
operational worksites in order to group together all the models that will be produced. 


3 BIM APPROACH 


3.1 BIM model segregation 


BIM model segmentation is a practical approach to assemble overall models out of part 
models to save IT resources. The models have been segmented into three main disciplines: 


— Geology and geotechnics, 

— Portal area, 

— Soil improvement, 

— Excavation and support of the main tunnels, 

— Final lining and facilities of the main tunnels, 
— Excavation and support of the cross passages, 
— Final lining and facilities of the cross passages. 


The models are arranged to be compatible with each other with the same geometrical basis. 


3.2 Tunneling BIM approach 


3.2.1 Details and federated models 
Tunnels and cross-passages have been modelled based on the recommendation of DAUB 
(2019). Two different models are implemented: 


— Detail model: individual tunneling classes are modeled in detail with a LoD400 and with all 
the attributes information. Detail models allows the extraction of detail drawings of tunnel- 
ing classes, 

— Master federated model: geo-referenced, the model shows the distribution of the tunnelling 
classes along the alignment modelled with a LoD200. This model is used for 4D and 5D 
uses (including quantity extraction). 


3.2.2 Parametric modelling of the tunnel and information in BIM models 

Smart definition of attribute tables for all element types is crucial. A parametric modelling 
system has been created by TELT combining the WBS (Work Breakdown Structure) with the 
PBS (Product Breakdown Structure). This identifies and distributes, in a set of coordinated, 
organized and hierarchical entities, all the components of the project. It is the reference key 
for all project stakeholders. This codification enables all the elements (objects) and informa- 
tion in the models to be identified in a unique and unambiguous way. 
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3.2.3 Automated modelling and Dynamo 

The BIM modelling was carried out using Dynamo, which allowed the automatic and precise 
creation of the various objects constituting the support profiles. Moreover, the use of 
Dynamo and Di-Roots allowed to introduce extensively the different sets of parameters of 
each object in coherence with the planned codification or to update it according to the project 
evolution. 


Figure 2. Example of the definition of the attributes for BIM elements. 


4 GEOLOGY AND GEOTECHNICS MODEL 


One of the major challenges for BIM in underground construction projects is the repre- 
sentation of the ground at each specific project phase: from the initial design to the con- 
struction phase, when different geological conditions risk to be observed, compared to 
the expected ones. The importance of geology and geotechnics in tunnelling are far 
larger than in other infrastructures. In fact, the tunnel is totally embedded in the ground 
and geological and geotechnical models can be considered as part of the infrastructure 
itself. 

A geological and geotechnical model was produced based on the boreholes of TELT 
database. Using the combination of BIM and GIS, a cross-analysis between the geo- 
logical and geotechnical subsets and the imported structures is performed. The three- 
dimensional complexity is processed in the model to design better solutions according to 
the ground conditions and at the same time to control the unidentified risks. The 3D 
geological model was created with Leapfrog software. The construction of the model is 
based on an algorithm making possible a 3D interpolation of the boreholes information. 
This model not only facilitates geological, hydrogeological, geotechnical predictions and 
the uncertainties assessment, but also the creation of longitudinal profiles and cross- 
sections that can be exported for use in geotechnical numerical calculation software 
(Plaxis 2D/3D). 


Figure 3. CO08 Tunnel - 3D ground model. 
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Figure 4. CO08 Tunnel - Longitudinal profile and example of cross-section extracted from the 3D 
model. 


5 STRUCTURAL MODELS 


5.1 Portal and ground improvement 


The portal structures and foreseen ground improvements were explicitly modeled in BIM in 
two different geo-referenced models that were then assembled with the same reference point. 
The explicit modeling of the portal allowed to check the conflicts, to realize the progress of 
the construction and to extract the 2D plans. The ground improvements model provided the 
coordinates, drilling and injection lengths of each Jet-Grouting column (Figure 5). This 
allowed a good prediction of the quantities and optimization of the injection zones in coher- 
ence with the calculations results. 
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Figure 5. Portal and ground improvements model. 


5.2 Detail models of the support classes for the main tunnel 


In conventionnel tunneling, the choice and the design tunneling support classes are heavily 
influenced by the encountered geological conditions (i.e., discontinuities) and stand-up mech- 
anical parameters of rock mass. Seven tunneling support classes (S2, S3a, S4, S5a, S3b, S7 
(ZNT), S7(ZT)) have been defined to ensure the stability of the tunnel along the entire align- 
ment depending on the expected geology and rock mass behavior. All tunneling support clas- 
ses have been modelled in BIM. The main supports are presented below (Figure 6): 
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Figure 6. Main tunneling support classes. 
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Figure 7 shows the S7 support: the most complex and heaviest support class, which will be 
applied in soft ground. Figure 8 shows an example of the internal defined properties sets for 
the umbrella pipe. 


Figure 7. BIM model S7 support class and detail 3D model of the steel ribs. 
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Figure 8. Example of the internal defined properties sets for the umbrella pipe. 


5.3 Master federated model 


TELT’s specifications require that the weight of the deliverables transmitted in the form of 
files should not exceed 200 MB to facilitate data management. To meet this requirement, the 
tunnels models need to be cut into 1 km long segments. 

Figure 9 shows the portal area with the ground improvements and the first kilometer 
of twin-tunnels. A different color is associated to each tunnel support class in order to 
quickly identify the support profile applied along the tunnel alignment. 


Figure 9. Master federated model with the portal area and Master federated model with the distribution 
of the support classes for the first kilometer. 
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6 DESIGN SUPPORT ACTIVITIES 


6.1 2D/3D models: Detail drawings 


The 2D drawings (geological longitudinal profile, geological cross-sections (Figure 4), ground 
improvement plan, and support profiles) (Figure 10) are directly extracted from the BIM 
models. The 3D model was helpful to identify and solve geometrical conflicts in particular for 
complex geometries (i.e., interface between ground improvements at the entrance and tunnels 
alignments) and tunnel support profiles (see Figure 7). 


Figure 10. Example of a 2D drawing extracted from the BIM model. 


6.2 4DI5D models: Construction scheduling and sequencing 


The 4D BIM model for the civil engineering structures (main tunnel, cross-passage, 
Jet-Grouting and portal) is created by linking the 3D model to the construction sched- 
ule. It is used as the basis for 4D simulations, visualizations, analyses, and optimiza- 
tion work for the feasibility of the construction planning. The 4D model is regularly 
adapted to suit the requirements of the construction site and to optimize the construc- 
tion process. 

The 5D model is generated from the 4D model by inputting the contract prices contained in 
the BoQ (Bill of Quantities). It is then possible to generate performance and progress reports. 


6.3 BIM modelling and numerical modelling interoperability 


During the design studies, Pini tested the interoperability between Revit (BIM) and Plaxis 3D 
(FEM). The BIM3D models facilitate the FEM3D modelling of complex geometries, such as 
the truncated cone shape of the S7 support class. To date, for the structures part of the 
FEM3D model, the BIM-FEM interoperability currently consists of an exchange of geometric 
information. It was possible to import the tunnel geometry as surfaces and lines in “.dxf” 
format. 


Shoscrete + steel ribs (1m) 


Bolt reinforcement of the tunnel face (modeled as 
an equivalent composite material) 


Figure 11. BIM-FEM interoperability with Revit and Plaxis 3D, Plaxis 3D model of the S7 support 
class. 
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7 COMMUNICATION 


Multidimensional photo-dynamic simulations allow the visualization of activity planning in 
time (4D) with costs (SD). The creation of this type of visual document is a use resulting from 
a good implementation in the models of the levels of information (Lol]) and the codification of 
the project, allowing to link each element to its price and to its evolution in time. In this way, 
the creation of multidimensional simulations becomes automatic. These simulations allow 
a complete understanding of the evolution of the project, being able to visualize the evolution 
of the costs with the evolution of the project, comparing it with the real evolution of the 
project. 

These technologies also allow to communicate with the public with videos, augmented real- 
ity, and virtual reality headsets. 


8 CONCLUSIONS 


The main conclusions can be drawn from the current progress of the project with regard 
to BIM: 


— There is a need to create a uniform project structure (WBS) about the activities of the con- 
struction program and the elements of the BoQ, 

— Conflict checking using the 3D model is, if used correctly, a very appropriate instrument to 
identify execution problems in time (i.e., tunnels and cross-passage junctions), 

— 4D and 5D linking is a challenge that requires the corresponding systems. However, if suc- 
cessfully linked, it is a powerful project management tool, 

— BIM models, if used correctly, allow direct output of 2D drawings with good graphical 
output 

— Geological BIM models are a valuable tool for design, to identify possible uncertainties, to 
better distribute support classes along the route tunnel and to extract the necessary calcula- 
tion cross-section, 

— The BIM-FEM interoperability is a significant help for the modeling of structures with 
complex geometries. Nevertheless, the interoperability between these two tools still needs to 
evolve to facilitate the import of BIM models into FEM3D models (Plaxis 3D). 
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ABSTRACT: The refurbishment of the existing Tunnel Schéneich at the entrance of the city 
of Zurich is part of the big project of the Swiss Federal Roads Office (FEDRO) called “Cover- 
ing Schwamendingen”. After the complete renovation of this existing tunnel, a digital twin for 
the operation and maintenance of the entire tunnel and all technical equipment’s has been 
developed. 

Starting from the survey of the internal geometry of the tunnel with laser-scanning technol- 
ogy and from the documentation coming from the design and the construction phase, passing 
through a recognition of the information needed for its operation and maintenance the goal 
was to provide a Digital Twin for the life cycle management of this tunnel, using the Building 
Information Modelling method. By adopting an openBIM approach and a structured data 
management system, it has been possible to test how to manage all the information and classi- 
fication needed for the operation and maintenance of this asset in any kind of digital platform 
with any downside of data lock-in. 


1 INTRODUCTION 


The existing Tunnel Schéneich is part of the National Highway A1 and is the main northern 
entrance to the city of Zurich. The tunnel, with a length of 760 m, consists of two tubes with 
two lanes in each tube. In the sections of the entrance and exit ramps, each tube consists of 
three driving lanes. The tunnel was built with the cut-and-cover method in the 70’s and was 
commissioned in 1980. With an average traffic of 120’000 vehicles per day, is one of the busi- 
est road connections in Switzerland. 

In the 2000’s FEDRO, the government of the Canton of Zurich and the government of the 
City of Zurich launched the project “Cover Schwamendingen”. This project includes the 
covering of the National Highway A1 with an artificial gallery over a length of 940 m and the 
full refurbishment of the existing Tunnel Schéneich. The main goal of this new artificial gal- 
lery is to reduce noise and pollution. The project also aims to improve the neighborhood of 
Schwamendingen with the creation of different public spaces, parks, and green areas above 
the new artificial gallery. Figure 1 compares the current situation in the proximity of the 
future Schéneich tunnel’s portal and how it will look like after the covering of the Highway in 
the Neighborhood of Schwamendigen. 
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Part of the project is the full refurbishment of the existing Tunnel Schéneich. The renova- 
tion works includes the construction of new emergency and drainage niches, the covering of 
the central section of the tunnel in the area of Waldgarten, the refurbishment of the surface of 
the concrete structure, the replacement of the pavement, the construction of new side walk- 
ways and the full upgrade of all technical equipment’s (ventilation system, cable trays, etc.). 

The works have started in April 2019. The new artificial gallery and the full refurbished 
Tunnel Schéneich will be commissioned by end of 2024. 

This pilot project has been developed by the Joint Venture OBL EHS together with the spe- 
cialist of FEDRO and the responsible maintenance units. The Joint Venture OBL EHS, con- 
sisting of the engineering companies Lombardi Engineering Ltd. and Aegerter & Bosshardt 
AG, is responsible for the overall management and site supervision of the project. 


Figure 1. Overview of the existing national highway A1 and a visualization of the same highway section 
with the artificial gallery. 


2 OBJECT AND SCOPE 


The project “Digitalization of the Tunnel Schéneich” has the scope of developing a Digital 
Twin of the existing road tunnel Schéneich and to explore how to use it by the operative units 
of FEDRO that lead at the management and maintenance activities of this asset. 

By developing this pilot project, the Swiss Federal Roads Office (FEDRO) wanted to 
understand how to use the Building Information Modelling method (BIM) to create a digital 
3D model of the tunnel as a central storage location for all digitalized information of the 
tunnel coming from its design and construction and set them up to be linked to other meta- 
data for the next phases of its Life-Cycle Management (LCM). 

In the meanwhile, the scope was to understand the main issues that could be encountered in 
the development of a Digital Twin of a critical infrastructure like the Tunnel Sch6neich, in 
a format such to facilitate future information exchange into a Computerized Maintenance 
Management System (CMMS) with the scope to operate in a complete digitalized 
environment. 
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3 THE DEVELOPMENT OF THE DIGITAL TWIN OF THE TUNNEL 


The term ‘Digital Twin’ describes computerized three-dimensional digital modelling cap- 
able of digitally replicating the geometric, informational and/or functional characteristics 
of an asset. 

The concept is that, as digital information is captured, created and allocated in a 3D-object 
oriented deliverable, it can be used in a cloud-based platform to simulate the physical asset, 
with the aim to enable digital simulation of the asset and its performance. In the infrastruc- 
tural management field, the Digital Twin is a natural extension of the Building Information 
Modelling method (BIM) and it is much more powerful than just being a 3D model represent- 
ing the physical world and its systems as digital models since it can be used as a unique source 
of information that comes during different phases of its life cycle (design, construction, main- 
tenance, monitoring). 

To develop the Digital Twin of the tunnel Schéneich the first step has been the creation of 
a project information Model (PIM) with a BIM Authoring software based on a digital 
survey of the tunnel and the historical drawings and those of the current refurbishment 
works. The second step has been the definition of the attributes needed for the maintenance 
to assign to each component of the BIM model correspondent to the physical one. The last 
step has seen the use of automations to implement these attributes in a standardized way 
into the BIM model. 

In our case, the focus of the production of a Digital Twin has been therefore on the 
“I” of information that leads to the first elaboration of a PIM (Project Information 
Model) till the definition of the AIM (Asset Information Model) as defined by the ISO 
19650 standards. 


3.1 The digital survey of the tunnel 


To digitalize the Tunnel Sch6neich initially a survey of the two tubes, one for each 
direction of the highway, was carried out including both portal areas and the entrance 
and exit ramps. The complete tunnel structure, including niches and the areas up to 
approx. 50 m in front of the tunnel portals, had been included in the survey. Other 
objects like the technical equipment’s installed inside the tunnel (ventilation equipment, 
cable trays, etc.), signals, drainage shafts and hydrants were captured by the survey, in 
order to be transferred with their correct position and real geometry inside the digital 
twin of the Tunnel. 

A 3D laser scanning has been chosen as the most suitable method for surveying such 
situations in the complex 3D environment of this project. The entire tunnel was 
scanned recording all the surfaces of the object by detecting millions of points by 
a stationary laserscan, which was repositioned every 15 to 20 m. Each 3D point was 
sampled by recording its coordinates and color value. The result of the digital survey 
is a 3D point cloud that describes the entire object in its shape and color with a very 
high information density. The point cloud was georeferenced in the Swiss national 
coordinate system LV95 with an achieved accuracy of + 3 cm. Figure 3 shows the 3D 
point cloud of the Tunnel Sch6éneich. 

Subsequently the captured data was optimized with a dedicated software to remove all the 
accidental elements such as construction equipment and temporary installation that are not 
useful for the digital reconstruction of the object. With the same dedicated software, the point 
cloud was split into separate sections containing specific chunks of the tunnel. The content of 
each section was also classified according to its geometry/entity into separate groups: walls, 
slabs, equipment and road surface. 

Additionally, to the 3D tunnel scanning, 360° images were also generated in each scanning 
station in order to increase the amount of geometrical information. Any of the stakeholders 
involved in the project can access to this 360° images via a cloud platform that hosts the point 
cloud survey. 
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Figure 2. Pointcloud survey of the Tunnel Schéneich. 


3.2 The development of the Project Information Model (PIM) 


To reach the goal of this pilot project a custom methodology was developed to transfer all the 
different sources (survey, historical drawings, renovation drawings, pictures) into a new and 
accurate Project Information Model that includes all tunnel objects from all disciplines (struc- 
tural, signals and systems). Since the tunnel is an infrastructure that evolve along a three- 
dimensional path, one of the main challenges in the production of the BIM model has been 
the modelling of the internal tunnel lining due to the always-changing geometries of the con- 
crete structures’ intrados. Walls, slabs, platforms are always changing in section and location 
along the e tunnel longitudinal extension, because in the physic reality there are basically no 
straight parts or constant widths in tunnel sections. 


A 


1 


Figure 3. An extraction of the BIM model of the Tunnel Schöneich. 
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Modeling the 3D-objects involved matching point cloud information, old paper drawings 
from the original construction phase, and newer digital 2D drawings coming from the recent 
structural renovation phase. For this purpose a parametric automatized technique to sample 
the point cloud in a large set of key points along the tunnel was developed. 


— Each structural element was marked out by combining the information from the survey, 
historic and recent drawings. Also, the tunnel axes were rebuilt by analyzing a sampled 
reconstruction from the point cloud survey. 
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— Sampled sections and axes were then combined in custom automations to place custom 
adaptive components that can stretch in all directions following the geometry of the point 
cloud in the best accurate possible way. Figure 4 shows the different sources of geometrical 
information and the resulting 3D model in the area around an emergency niche. 


3.3 The development of the Asset Information Model (AIM) 


According to ISO 5500:2014 asset management supports the realization of value while balan- 
cing financial, environmental and social costs, risk, quality of service and performance related 
to assets. Asset management enables an organization to realize value from assets in the 
achievement of its organizational objectives. 

The crucial factor for the success of an asset information model (AIM) is the creation of the 
data base, based on a structured and robust data scheme compatible with the requirements and 
needs of the owner to be available for further applications. To achieve this goal various work- 
shops with the client and its maintenance agencies were carried out. The collaboration effort 
targeted mainly two goals: building an information structure within the model compatible with 
the scheme of the internal FEDRO archive software (KUBA) and setting up all the information 
sets that the maintenance teams needed according to the components and equipment installed. 
The final scheme of information sets and relations was drafted in a relational database form to 
guarantee the robustness and reliability of the scheme itself. No data was manipulated manually 
in spreadsheets, but all information-related charts and documentation were obtained by query- 
ing the general database. The database was built also as a check tool for the modeling phase. 


Figure 4. Comparison of the 3D model, the point cloud, and the 360° image (clockwise). 


All information was stored in a cloud platform and connections between the database and 
the BIM authoring software were built by using the programming interfaces that both the 
cloud database services and the modeling software offer. Doing that allowed the BIM team to 
check the model compliance against the general standard described in the cloud database both 
in the native editable format in the modeling phase and the IFC delivery format. 


2881 


The main risk that endangers the handover/commissioning is the data migration from 
a platform of creation to a platform of management of the Digital Twin, which in case of not 
being correctly carried out would imply in a loss of data and the reconstruction of the data- 
base and its internal link just created. To avoid the main risks of the migration process in the 
future MMS we have used the following solutions: 


1) Lack of correctly structured information to migrate => solution: the use of Coding of the 
name of the attributes coming both from design and KUBA; 

2) Migration Mapping from Data Drops to the Asset Register => Data Drops are standard 
spreadsheets/databases, easily manipulated. The FEDRO Infrastructure Manager and the 
maintenance units will easily recognize this mapping; 

3) To avoid that attributes or other object information in a BIM model could not be lost 
when transferring the asset management from one software to the other, the Digital Twin 
of the Tunnel Schéneich it’s been developed by maintaining an openBIM approach lever- 
aging the IFC open standards promoted by buildingSMART International. 


In the case of the Tunnel Schéneich, being a strategic asset of the Swiss Federal 
Roads Office, the so called “Territorial Units” oversee the maintenance and operation 
processes for the entire highway network of Switzerland including all the related infra- 
structures such as tunnels and bridges. The deep know-how of the operators that for 
decades had been the only ones to know every single part of the infrastructure and its 
system are going now to retire and all the knowledge and experience risk to be lost for 
the next generations. 

The digitalization of these processes of maintenance through workflow or simply structur- 
ing better the information required inside the objects itself will also facilitate the recognition 
of the needs and the answer in case of emergency. The operation data (Asset data) to be 
included must be defined by the actors who will consume the data during the operation phase. 
These actors are: 


— FEDRO project manager, who orders and manages the BIM model of the tunnel; 

— FEDRO infrastructure Manager, who makes available and updates the AIM to the Main- 
tainer, with the information of the works carried out; 

— Maintenance and operation units (“Territorial Units”), who consumes and updates the 
data during the development of the maintenance works; 

— Other involved stakeholders like Police or other security forces, who interact with the infra- 
structure in the case of an event or for security reasons. 


Actually, the Asset management system of FEDRO is based on a digital platform named 
“KUBA” that allows the client to define the location, the main characteristics, the mainten- 
ance procedures, inspection’s results and replacement intervals in a static way, in a database 
format that provides the operator with information regarding: 


— What is the asset? 

What are the technical documents related to this asset? 

What are the results of the inspection? 

— When has been carried out the last maintenance works and who oversaw it? 


The transfer of this type of data from the KUBA to a Computerized Maintenance Manage- 
ment System (CMMS) requires a link between this static data to a live platform in which they 
could be updated with the current status of the tunnel and the result of the inspections and 
maintenance activities answering to the following questions: 


— When is the next inspection/maintenance required? 

— What is required to carry out a specific task (people, process, consequences of the data 
registered)? 

— Record these actions taken as reference for future actions to be carried out. 
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Figure 5. Some objects and its related asset information delivered from the Digital Twin of the Tunnel 
Sch6neich. 


4 FUTURE DEVELOPMENTS 


A lot of technologies and software initiatives were recently developed to integrate, 
migrate and use BIM information in different contexts both in design-related tasks and 
beyond. Web technologies are certainly among the most prominent among this. The 
current pilot project of the Tunnel Schéneich highlighted how an investment in gaining 
web development skills can be crucial in delivering Asset Information models to the 
owner as final user. 

The most recent evolution in data processing is moving towards making all informa- 
tion available in an open and flexible platform, where the various systems can interact 
with each other on the basis of this data (Internet of Things). This platform allows to 
have access to the data and be able to implement applications oriented towards 
a specific purpose, all through abstract programming that is independent of the nature 
and type of controllers, sensors and actuators. We can alson use ‘Big Data’ techniques 
and artificial intelligence to classify our data dynamically, seek out trends and provide 
a basis for smart learning. 

As an example, the opacity information of the smoke sensors can be used to deter- 
mine possible alarms within the tunnel, use the respective degree of dirt values to 
assess the need for maintenance, and use the opacity value in time and space to assess 
the management of smoke within the tunnel for a given event; these three applications 
draw on the data on a single platform. Over time, it will be possible to add new infor- 
mation to the platform and create new applications without compromising what has 
been done before. 

FEDRO still has not decided on the definitive platform for the collection, manage- 
ment and integration of all this information into a Digital Twin developed for such 
projects. The choice and implementation of a Maintenance Management System (MMS) 
is recommended. If all the data are collected digitally and stored as object-related inside 
the actual Digital Twin of the tunnel Schéneich, then modern computing methods are 
quite capable of indexing, relating and analyzing information exceptionally quickly and 
dynamically. 
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5 CONCLUSIONS 


The successful delivery of a correct digital twin of an asset to the customer relies heavily on 
a correct handover from the Project Information Model (PIM) to the Asset Information 
Model (AIM), which takes place from the construction phase to the operational phase. 

The current pilot project of the Tunnel Schéneich has shown that the investment in 
a correct setting of the model data and their standardisation as well as in the use of open for- 
mats is crucial if the BIM model is to be used for further use in the operation and maintenance 
phase. Infrastructure owners, for their part, must be helped to integrate models into their 
existing O&M workflows and to acquire digital platform management and web development 
skills as end users. 

Very useful in this pilot project was the use of web technologies for visualising models and 
extracting information directly in the web browser. It also emerged that BIM is all the more 
useful the more the end user is able to exploit it in the simplest way possible and with the min- 
imum required skills. 

Finally, this experience has shown that further developments and digital applications can be 
realised with a digital twin, but only on one condition: that an unambiguous and standardized 
information classification system can be defined and used by all suppliers by means of BIM 
modelling, in particular of the equipment components for tunnel operation and safety and the 
related sensors. 

The project to digitalize existing infrastructure such as the Tunnel Sch6neich is only the 
starting point where further applications can be used in the future to create other connections 
beyond immediate human capabilities. 
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ABSTRACT: Long-term longitudinal settlement and horizontal convergence of metro tunnels 
are critical problems. To be able to forecast tunnel settlement and convergence for a distant 
future is crucial to pursue remedial measures in a timely manner. Existing research mostly focused 
on forecasting overall tunnel health condition combining multiple tunnel responses besides settle- 
ment and convergence, rather than forecasting them directly. Moreover, the forecasts are based 
on immediate earlier measurements of these responses and are unable to predict them into the 
future. This research aims to develop methods that are capable of forecasting tunnel settlement 
and convergence for future tunnelling operation based on early measurements. Machine Learning 
(ML) algorithms are trained to develop predictive models. The use and validity of the ML algo- 
rithms are demonstrated using data collected from the Metro Line 1 in Shanghai during its oper- 
ational years. It is shown that the developed models could successfully predict tunnel longitudinal 
settlements and horizontal convergences as far as 14 years apart. 


1 INTRODUCTION 


The metro tunnels of the coastal city of Shanghai, China, have been suffering from a persistent 
progression of tunnel longitudinal settlements and horizontal convergence (Shi et al. 2018). It is 
crucial to develop effective forecasting methods for these responses to ensure the timely implemen- 
tation of corrective measures for associated damage control. 

Many researchers have investigated the contributing factors behind the long-term longitu- 
dinal settlement, which include disturbances from tunnel construction, cyclic loading due to 
running trains, secondary compression of soft clay, seasonal pumping of groundwater from 
a sandy aquifer, disturbances from nearby constructions, ground surcharge, groundwater leak- 
age, soil burial condition, hydrogeologic conditions, etc. (Li et al. 2017, Liu et al. 2013, Ng 
et al. 2013, 2012, Shen et al. 2014). The existing literature indicates that it is almost impractical 
to include all the contributing factors in a single prediction model. Moreover, these factors’ spa- 
tial variabilities increase uncertainties of their effects on tunnel responses. However, the effects 
of the existing factors at a specific tunnel location can be expected to be mapped into that loca- 
tion’s initial tunnel settlement measures. Hence, a time-dependent analysis of the tunnel settle- 
ment at each location poses more potential for effective forecasting of the long-term settlement 
behavior of the metro tunnels. 

As mentioned earlier, the metro tunnels of Shanghai have suffered from horizontal tunnel con- 
vergence. Many researchers have developed predictive models to assess tunnel convergence behav- 
ior. Mahdevari and Torabi (2012) used an Artificial Neural Network (ANN) to predict tunnel 
convergence utilizing the geotechnical and geological parameters obtained from site investigation 
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and laboratory tests. Adoko et al. (2013) used multivariate adaptive regression spline (MARS) 
and artificial neural network (ANN) to predict the convergence of a railway tunnel built in weak 
rock utilizing surrounding rock properties, tunnel overburden, elapsed monitoring time, etc. as 
input parameters. To the author’s knowledge, no existing research attempted to predict long-term 
tunnel convergence based on early measurements of longitudinal tunnel settlement. As under- 
stood, a tunnel section’s geological conditions should affect the tunnel long-term settlement and 
convergence behavior similarly. The chronological tunnel settlement measures of initial years can 
be used to predict both future tunnel settlement and horizontal tunnel convergence. It is beneficial 
to predict long-term tunnel longitudinal settlement and convergence based on the limited initial 
tunnel settlement measures in two ways, i) for early warning on possible unexpected conditions to 
take timely preventive measures, and ii) for understanding the internal dependencies between the 
tunnel settlement and convergence behavior, thus gaining more confidence on the tunnel monitor- 
ing data, hence establishing a more efficient tunnel health monitoring system. 

In this research, the tunnel settlements observed during the initial operational years for 
Shanghai Metro Line 1 are used to predict the long-term tunnel longitudinal settlement and 
horizontal convergence. The next section overviews the geological condition observed along 
Shanghai Metro Line 1. The description of the data collected on tunnel longitudinal settlement 
and horizontal convergence with monitoring sensors is provided in the following section. The 
next section provides the methodology for building and evaluating machine learning predictive 
models. Finally, the result section provides the model performances for tunnel settlements and 
horizontal convergences predictions, followed by a discussion and conclusion section. 


2 GEOLOGICAL CONDITIONS ALONG SHANGHAI METRO LINE 1 


Shanghai is located near the Yangtze River delta, with mostly quaternary alluvial and marine 
deposits. Most of the metro tunnels in Shanghai are buried in a very soft clay layer (Chen et al., 
2015; Shen et al., 2014; Shi et al., 2018). The soil is characterized by high water content, high 
compressibility, low permeability, and shear strength, thus contributing to long-term changes in 
subsoil volume. As shown in Figure 1, Metro Line 1 mostly encountered soil layer © with occa- 
sional encounters of layers ©, © and ©. These soil layers represent the first and second soft 
clay layers. The first soft clay layer @-® is in a plastic state with mostly high void ratio 
(e,>1), high compression index (C, >0.4), and high natural water content (w, >40%) that is 
close to liquid limit (wz). The second soft layer © has es, Ce, wn values less than the first soft 
layer, which are still significantly higher than the layers ©-@ (Shen et al., 2014). 
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Figure 1. Geological profile along Shanghai Metro Line 1 (modified from Shen et al. 2014). 
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3 DATA COLLECTION ON TUNNEL SETTLEMENT AND CONVERGENCE 


After the construction of Metro Line 1 in Shanghai, the long-term behavior and tunnel health 
conditions were monitored by collecting data throughout its operational years. The monitoring 
data included the tunnel settlements and horizontal deviation or convergence of the tunnel diam- 
eter. The tunnel settlements were recorded by electronic level meters at different points with 
around 6 m intervals along the tunnel track. The horizontal tunnel diameter deformations (i.e., 
horizontal convergence) were measured at every fifth ring with electronic total stations. The sche- 
matic illustrations of a monitoring section for the measurements of longitudinal deformation and 
horizontal convergence are shown in Figure 2. 


» Monitoring points 


— Longitudinal orientation 


(a) (b) 


Figure 2. Schematic illustration of (a) tunnel longitudinal settlement, and (b) tunnel horizontal conver- 
gence (modified from Zhu et al. 2021). 


The data on tunnel longitudinal settlement and horizontal convergence of Metro Line 1 
used in this study are collected from three tunnel sections (Section1, Section 2, and Section 3), 
as highlighted in Figure 1. The monitoring data used in this research includes both the uplink 
and downlink monitoring points representing the north-south tunnel lines. Figure 3 displays 
these data in scatter plots for the three sections. The horizontal tunnel convergences shown 
are interpolated values obtained from the original measurements to get representative values 
at the same mileage locations as the tunnel longitudinal settlements. The monitoring data’s 
measurement years are shown in their corresponding legends. 
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Figure 3. Tunnel longitudinal settlements and horizontal convergences (both uplink and downlink) 
along (a) Section 1, (b) Section 2, and (c) Section 3. 


4 METHODOLOGY 


4.1 Dataset description 


The dataset used to build machine learning models includes tunnel settlements and horizontal 
convergences of 210 different mileage locations from the three tunnel sections, as shown in 
Figure 3. According to the records, the groundwater level of the subsoil of Shanghai fluctuates 
seasonally (Ng et al. 2013, Shen et al. 2014, Wu et al. 2017). The groundwater pumping rate is 
higher during the summer. During the winter, the groundwater gets recharged. The alternating 
water pumping and recharge has been reported as an influential factor for the tunnel longitudinal 
settlement behavior. The tunnel settlement records for the initial 2.4 years are considered input 
features for the current study to capture the seasonal variation. This time duration is considered 
adequate to infer the influence of the seasonal fluctuation and its deviation over a year into the 
prediction models. Hence, the settlement records dated from January 1995 to April 1997 (seven 
individual dates) were used as input features. The settlement record of June 2012 and the tunnel 
horizontal convergence record of January 2011 were used as target/output features for the predic- 
tion models. Random split is performed on the dataset to include 80% of the instances into the 
train set and 20% of instances into the test set to train and test the prediction models. 


4.2 Machine learning algorithms 


This research used three supervised ML algorithms, namely Multilayer Perceptron (MLP), 
Random Forest (RF), and k-Nearest Neighbors (KNN), to build regression prediction 
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models. These three methods are philosophically diverse and competent methods for regres- 
sion analysis (Kelleher et al. 2020). 

MLP is a feedforward neural network, where initial random weights are optimized itera- 
tively to minimize errors while performing predictions. On the other hand, RF is an ensemble 
method of learning where multiple decision trees are used to split data to get maximum reduc- 
tion of variance for regression prediction. Lastly, kNN is a similarity-based learner that relies 
on a distance metric between data instances in the feature space to make predictions. 


4.3 Evaluation metrics 


The model performances are tested using the coefficient of determination or R? value obtained 
from the test set data described as follows, 


R=] Xi (yi — 5) (1) 
Sh pi-i) 


where y; is the actual value and j; is the predicted value of the target feature for any data 
instance i from a dataset of n instances. The metric R? represents the proportion of variation 
in the dependent variables ( Y) explained by the independent variables (X). It is also import- 
ant to analyze the loss or error of the prediction models. The prediction error evaluation is 
performed using the normalized root mean squared error or NRMSE, using the mean of the 
output feature for normalization of the RMSE. The equation is given by 


a AD 
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NRMSE = 
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(2) 


Another important error metric used in this study to assess the model’s performance is the 
mean absolute error MAE, which is given by 


MAE = IS loi -9 (3) 


5 RESULTS 


5.1 Prediction performance for settlement 


The performances of the three prediction models are evaluated based on their prediction per- 
formances given in Equations (1) to (3) using the test set data. The actual versus predicted 
plots for the tunnel settlements along with the R’, NRMSE, and MAE obtained by MLP, RF, 
and kNN are shown in Figure 4. 
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Figure 4. Actual versus predicted settlement values using the test set data with the corresponding R?, 
NRMSE, and MAE values. 
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It can be observed from plots of Figure 4 that the predictions by the MLP, RF, and kNN 
models provided very good fits having R? > 0.94. Also, the error range in terms of NRMSE and 
MAE provided reasonably small values. Hence, the initial 2.4 years of settlement records could 
successfully predict the settlement after 14 years. As can be observed, RF overall outperformed 
the other two algorithms (highest R? and lowest NRMSE and MAE), followed by MLP. 

Figure 5 shows the actual and predicted values of settlement records for June 2012 with abso- 
lute values of prediction errors along mileages in the test set data. Different mileage locations 
have different initial prediction errors and progress of errors across the years. As can be seen, 
unlike Sections 2 and 3, Section | has high errors in comparison to the settlements observed by 
all algorithms. This discrepancy can be attributed to the fact that the prediction models experi- 
enced from both high range (>200 mm, Section 2 and 3) and low range (<50 mm, Section 1) 
settlement locations, which can put a bias towards higher errors for the locations with a lower 
range of settlements observed. Also, the errors for the locations in Section 1 attributed to higher 
predictions of settlements than the actual value, which is safer than otherwise. 


Figure 5. Actual, prediction, and absolute error values by MLP, RF, and KNN for tunnel settlements at 
6/1/2012 along test set mileages of three tunnel sections. 


5.2 Prediction performance for horizontal convergence 


The actual versus predicted plots for the prediction of the test set data on tunnel horizontal 
convergence of January 2011 by MLP, RF, and KNN are shown in Figure 6. Each model pro- 
vided decent fits with reasonably small spread around the diagonals (perfect fits) with R? 
values between 0.66 to 0.76. However, for RF, the trend of the predictions indicates a slope 
rotated at the middle of the convergence value range (51 mm) deviating from the diagonal, 
which indicates under-predictions of horizontal convergences for a higher range and vice 
versa. As can be seen, MLP outperformed the other two algorithms with the highest R? (0.76) 
and lowest NRMSE and MAE, followed by kNN. RF performed the lowest among the three 
algorithms, which is attributed to the unusual slope trend of the actual versus predicted plot. 

To observe the nature of errors along the mileages of the three tunnel sections, the actual and 
predicted values with absolute errors of tunnel horizontal convergences by the three algorithms 
are shown in Figure 7. The maximum absolute error observed among the three sections is around 
20 mm. It is noted that the highest horizontal convergences were observed at similar mileages of 
the highest tunnel settlements of Section 2 and Section 3 (Figure 5). Overall, these results indicate 
that the initial settlement records can successfully forecast horizontal tunnel convergences as late 
as 13 years apart (settlements of 1995-1998 can predict the convergence of 2011). 
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Figure 6. Actual versus predicted tunnel horizontal convergence values of test set data with correspond- 
ing R’, NRMSE, and MAE values. 
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Figure 7. Actual, prediction, and absolute error values by MLP, RF, and KNN of tunnel horizontal 
convergence at 1/1/2011 along test set mileages of three tunnel sections. 


6 DISCUSSION 


As can be observed from Figure 1, the thickness of layer © is larger (28 m) for Section 1 
than the other two sections (Section 2: 22 m; Section 3: 11 m), which is a soft soil layer with 
high compressibility (C, = 0.2 — 0.4). Hence, higher settlements are expected for Section 1, 
which is not the case observed (maximum settlement is 50 mm). On the other hand, Section 3 
experienced much higher settlements (maximum settlement is 229.3 mm) than Section 1. 
Again Section 3 has a stiff clay layer (layer ©) with low compressibility (C.<0.1) right 
beneath the layer ©, which should yield lower settlements than Section 1. Hence, it can be 
concluded that the geological properties alone are not conclusive to the experienced long- 
term tunnel longitudinal settlements. On the other hand, this research’s prediction models 
built with initial settlement records could successfully forecast the upcoming settlements. 
This result implies that the models could learn the effects of multiple local contributing fac- 
tors hidden inside the initial settlement measures while predicting future settlements. Again, 
the soil properties affecting the horizontal tunnel convergence, e.g., overburden, soil shear 
strength, etc. (Huang et al. 2017) have spatial variabilities depending on the soil type which 
also affects the influencing properties for tunnel longitudinal settlements (e.g., permeability, 
compression index, etc.). The models for the prediction of tunnel convergence using settle- 
ments as input features can understand the dependencies between the contributing factors 
for these two different tunnel responses, hence could provide successful prediction 
performances. 

This research explored multiple machine learning algorithms (MLP, RF, and KNN) with 
different learning philosophies. For the settlement predictions, RF was observed as the best- 
performing algorithm. However, RF performed rather poorly compared to the other two 
algorithms for the prediction of horizontal convergence, whereas MLP was the best algorithm 
for convergence prediction. The decision trees are used under the RF ensemble, which func- 
tions hierarchically by splitting the dataset with maximized information gain, helping it to 
understand non-linear relationships. However, due to its learning process, RF can only make 
predictions by averaging the previously observed training data labels for regression prediction 
and thus can’t extrapolate beyond its training data. The random train-test split used for this 
study can potentially create such prediction cases for RF on test set data, which might be why 
RF performs inconsistently, with the highest average R? of 0.96 for settlement predictions and 
the lowest R? of 0.66 for convergence prediction. On the other hand, MLP is inherently intui- 
tive to non-linear problems and capable of handling extrapolations, as feedforward neural net- 
works are similar to regression models generating weights to be multiplied with input features 
while using unbounded non-linear activation functions such as re/u (Kelleher et al. 2020) 
during the training process. This ability might be the reason behind the excellent performances 
of MLP for both settlement (average R? = 0.94) and convergence (R? = 0.76) predictions in 
this study. 


7 CONCLUSION 


In this research, long-term tunnel longitudinal settlements and horizontal convergences at dif- 
ferent locations of Shanghai Metro line 1 were successfully predicted by models built using 
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MLP, RF, and kNN algorithms using the settlement records of initial 2.4 years as input fea- 
tures. The successful prediction performances by the established models indicate that, after 
the construction of Metro Line 1, the settlement records of the initial 2.4 years successfully 
forecast the settlement and horizontal convergence as far as 14 years later, given that the 
major contributing factors enact within the initial years of operation. 

The models developed in this research are intended to assist the construction and monitor- 
ing method of future tunnels so that the tunnel engineers can gain insight into the fact that the 
development of long-term tunnel longitudinal settlements and horizontal convergences can be 
mapped to the settlement records of some initial years (2.4 years for this study). The predic- 
tion models developed based on existing records of metro tunnels thus help to have 
a benchmark for the new constructions to decide on the effective long-term planning of tunnel 
monitoring and repair works based on the initial years’ monitoring data. 
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ABSTRACT: Early adoption of Building Information Modelling (BIM) helps steer 
large infrastructure projects in the right direction from the outset. This is demonstrated 
on the 24-kilometre long Sydney Metro West project, and specifically on the Eastern 
Tunnelling Package (ETP) which forms part of the wider project. The ETP portion of 
the project extends from The Bays to the Sydney CBD and involves 3.5 kilometres of 
tunnelling and large-span cavern excavation beneath Sydney’s heavily urbanised envir- 
onment. Consequently, the alignment is adjacent to numerous assets such as high-rise 
building basements, key utilities, heritage buildings, and other critical infrastructure. 
A mature Building Information Model (BIM) was rapidly developed throughout the 
Concept Design phase and delivered at the commencement of the ‘Request for Tender’ 
process. This paper presents the substantial benefits of early BIM implementation 
while also providing detailed insight into the numerous challenges that impede early 
BIM adoption in dynamic and dense urban environments. 


1 INTRODUCTION 


Over the last decade, Building Information Modelling (BIM) has demonstrated its value as 
a platform to query data from multiple sources and act as the single source of truth. Such 
digital platforms have become commonplace, yielding remarkable outcomes for clash detec- 
tion and interface management on building and infrastructure projects. However, BIM is usu- 
ally only implemented with a very low Level of Development (LOD) for pre-contract stages 
that often matures to higher LODs during Detailed Design stages. This low initial LOD is 
generally due to programme and budget constraints, and a lack of reliable information to feed 
into the model during early design stages. However, the implementation of BIM during the 
early Feasibility, Definition and Concept Design stages of a project can considerably mitigate 
interface risks. 

Using Sydney Metro West (SMW) — Eastern Tunnelling Package (ETP) as an 
example, this paper presents the substantial benefits of early BIM implementation 
whilst providing a detailed insight into the numerous challenges that impede early BIM 
adoption in dynamic and dense urban environments. 
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2 BACKGROUND 


Although BIM was first theorised in 1963 (Van Nederveen & Tolman 1992), Australia 
has been relatively slow to endorse BIM. The UK, Singapore and Korea implemented 
Federal mandates from 2016 with key infrastructure projects adopting BIM from 2011, 
whereas the USA administrates “State level’ mandates from as early as 2010. However, 
this is an opportunity for Australia to learn from the past and accelerate BIM imple- 
mentation. Australia has undoubtedly started the journey towards complete BIM integra- 
tion, with the Australasian BIM Advisory Board releasing the ‘Australia BIM Strategic 
Framework’ in February 2019. Whilst New South Wales is yet to formerly mandate 
BIM through policy, Sydney Metro have included BIM not only as a working design 
process, but also as a Concept Design deliverable. 

Sydney Metro is Australia’s biggest public transport project. The underground Sydney 
Metro West project extends 24 kilometres from Sydney CBD to Greater Parramatta, with tun- 
nelling work along the line separated into three packages. The Western Tunnelling Package 
(WTP) and Central Tunnelling Packages (CTP) are already under construction. SMW-ETP 
extends 3.5 kilometres underground between The Bays and the heart of the Sydney CBD. The 
alignment includes two harbour crossings, Darling Harbour and Johnston’s Bay alongside the 
Anzac Bridge, two new underground stations at Hunter Street in the CBD and Pyrmont to 
the west, as well as crossover and turnback caverns (Figure 1). ETP has been awarded to 
a competent contractor and is currently under delivery stage. Sydney Metro West is scheduled 
to be operational by 2030. 


Figure 1. Overview of the SMW-ETP BIM model at Concept Design (circa Jan. 2022). A: Hunter 
Street Station, B: Pyrmont Station, C: The Bays. D: The point where the Central Tunnelling Package 
meets the Eastern Tunnelling Package at The Bays. 


The ETP alignment is constrained by constructability and operational constraints that dic- 
tate station ingress/egress requirements and journey times. The numerous interfaces along the 
proposed alignment formed the other main constraint. These interfaces were complex due to 
their quantity, scale, potential impacts on the alignment, uniqueness (both structure and 
ground conditions), and not least the associated spatial uncertainty. BIM was a key tool to 
manage this complexity. 

BIM is an integral component within the industry-wide process of supporting a Digital 
Engineering Management Platform (DEMP). The DEMP leverages the features offered by 
current state-of-the-art software suites to improve collaborative processes and achieve predict- 
able, coordinated and verified design outcomes. In ETP, three targets were identified to be 
enhanced through BIM: coordination, communication, and future management. Coordin- 
ation is required to identify and resolve design conflicts during the design development. Com- 
munication was necessary to visualise risks, engage with stakeholders and share information 
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with the tenderers. Future management aimed to improve ongoing asset management and 
maintenance by the operator once the transport asset is delivered. All three targets are dis- 
cussed throughout this paper. 


2.1. Cross-discipline coordination 


The ability of the model spaces being available across all disciplines is arguably BIM’s 
finest feature. The methodology for modelling the interfaces in BIM is discussed in detail 
in Lai et al. 2022. The tunnelling profiles were not co-linear with the 3D track centre- 
lines, and both were expected to change. Consequently, mature automation scripts were 
developed in Dynamo to enable a swift and reliable modelling response to track design 
changes. 

BIM360 was the model-sharing platform used by the ETP design team, which enabled 
information sharing, cross-sectional viewing, dimensioning, first person viewpoints, mark-ups, 
design reviews, approvals, data traceability and cloud backed-up version histories. The key 
disciplines (tunnels, architectural, structural, geotechnical, tunnel services, durability, con- 
structability, ventilation, civil, fire life safety) participated in weekly, if not daily, meetings 
facilitated by BIM. Changes to the model were initially pushed through a digital workflow to 
pre-assigned reviewers before being either published or rejected, the latter resetting the 
workflow. 

A key advantage of BIM in the coordination space is the process of federation, which 
enables models from different disciplines to be combined and reviewed as one, of which auto- 
mated clash detection forms part of the federation process. 


2.2 Clash detection 


The pre-eminence of BIM is a consequence of standard-modern technology being able to 
process significant amounts of data and enables effortless automated spatial assessments 
i.e., clash detection. Early clash detection is integral to project success as it shapes key 
decisions that would otherwise cause significant rework after contract award. This was 
certainly true on ETP, where the concept design alignment had to comply with stringent 
constraints on track and tunnel geometry, operational journey times and passenger 
mobility, whilst not posing risk to existing assets. The next section describes some 
examples of clash detection. 


2.3 Hunter Street orientation optimisation 


The Hunter Street Station has direct connection to Sydney Metro City & Southwest (CSW) 
line as well as the existing Sydney Trains urban commuter trains via Wynyard and is expected 
to be one of the busiest stations in Sydney. The 25 metre span of the station cavern was a hard 
operational constraint, whilst the depth of the station had to be minimised to meet journey 
times and enhance customer experience. 

The existing assets within the Hunter Street precinct mostly comprise high-rise (15+ storeys) 
buildings with a few mid-rise heritage structures. The majority of these buildings have 
a basement. Numerous street front foundations were shown to impinge on the proposed 
cavern support envelope. BIM enabled the designers to rotate multiple cavern models at half- 
degree increments (as illustrated in Figure 2). This allowed a cross-discipline technical working 
group to select a single optimum working configuration. 

BIM enabled detailed numerical modelling as cross-sections at any points of interest, at any 
orientation. This proved to be of significant benefit, as it cast aside conventional methods that 
often entail repeated 2D drawing interpretation and meant that once critical detailed tasks 
could be shared with younger developing engineers. This was especially pertinent at Hunter 
Street Station, which required several numerical analyses to assess ground convergence and 
surface settlement. 
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Figure 2. Alignment options. Dark blue indicates the base case. 


2.4 Potential clash recognition with the City East Cable Tunnel (CECT) 


The CECT is a 3.2-kilometre long, 3.5 metre diameter segmentally lined tunnel that houses 
132 kV of power distributed across the Sydney CBD network. 

During the early stages of the Concept Design, weekly BIM clash detection checks were 
built into the model federation process. This enabled to identify and resolve clashes between 
the CECT and overrun tunnels (Figure3), which had arisen due to the accuracy of the source 
data being utilised. 

The benefits of rigorous clash detection are not only refining the design to manage the inter- 
face risk, but also to validate the source data that is used in the federated model. Identifying 
these issues early assisted the team in establishing processes for resolving clashes and ultim- 
ately improved the team integration and design processes. This is a valuable lesson that can be 
taken from early BIM implementation. 


Clash 1 


Clash 2 ’ 


Figure 3. LHS, Sydney CBD clash detection. RHS, Closer inspection of clash 2 between ETP mined 
tunnels and CECT. A: ETP Alignment, B: CECT Alignment, C: C&SW Alignment. 


2.5 Design optimisation adjacent to Sydney Metro City & Southwest (CSW) 


The design to the east of the Hunter Street Station is particularly complex (Figure 4). The 
ETP mined turnback tunnels pass about 4 metres below the existing City & Southwest running 
tunnels (due to start operation in 2024) and Martin Place Station cavern (under construction). 
Additionally, ETP will repurpose the CSW construction adit as a pedestrian adit. With strong 
confidence in the accuracy and reliability of the CSW as-built data, the ETP designers were 
able to integrate the two separate metro lines, achieving a substantial benefit with respect to 
station connectivity, passenger mobility, construction cost, program benefits and an inte- 
grated metro system. 
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Figure 4. Existing and proposed tunnels east to the Hunter Street Station. A: proposed ETP mined tun- 
nels, B: existing Bligh Street Adit, C: proposed Hunter Street station western shaft, D: existing Martin 
Place Station, E: existing CSW running tunnels. 


2.6 Design optimisation adjacent to slipway piles 


Johnstons Bay, and in particular the slipway piles, forms one of the most complex inter- 
faces on the ETP project. The 750 millimetre diameter, steel, driven slipway piles are 
part of a major harbourside maintenance facility. Due to lateral and vertical constraints 
associated with The Bays Station positioning, Glebe Island Bridge (north) and the 
Anzac Bridge (south), the proposed twin tunnels must be in close proximity to these 
existing piles (Figure 5). Significant uncertainty was associated with the depth of the 
piles, as they are on the side of a deep paleo-valley and the driving depth may have 
varied considerably during their installation. 

Using existing records, BIM facilitated the optioneering and the selection of the key piles to 
be investigated with adjacent geotechnical drilling and downhole geophysics, which then fed 
in BIM. This enabled the team to gain confidence during the assessment of the interaction 
between the piles and the proposed tunnels during Concept Design and present the constraints 
to internal and external stakeholders for future buy-in of the proposed solution. 
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Figure 5. Left Plan view of Johnstons Bay crossing, Right; Cross sectional view of proposed ETP 
tunnel alignment and existing slipway piles. 


2.7 Communication 


The use of BIM extended past interdisciplinary coordination, to include internal and external 
stakeholders, from the Sydney Metro’s delivery team, substratum acquisition team and com- 
munity engagement team, to the asset owners and tenderers. 

Figure 6 below demonstrates an ancillary BIM output that conveys the lowest building 
foundation levels and infrastructure soffits adjacent Hunter Street Station, thus inform- 
ing the varying proximal risk at a macro level across the entirety of Hunter Street for 
stakeholders. 
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Figure 6. Founding levels of buildings/infrastructure adjacent to the Hunter Street Station cavern. 


2.8 Internal consultation 


Internal consultation within the ETP project involved collaboration between the designers 
and numerous Sydney Metro delivery teams responsible for tunnelling, stations, and the line- 
wide operations and maintenance respectively. By showing the project and its immediate 
environment, BIM-enabled effective collaboration between these working groups, as well as 
the adjacent CTP and CSW project. Other internal stakeholders included Sydney Metro’s 
environmental, planning approvals, interfacing, community and stakeholder teams amongst 
many others. 


2.9 Third-Party consultation 


The ETP BIM model was used to share as 2D and 3D screenshots, cross-sections and live pres- 
entation during meetings to show the proposed alignment, spatial requirements, constraints and 
pertinent third-party assets. It is appreciated that a high-level consultation with third parties 
during early project design stages may not strictly require a 3D BIM model, however the ability 
to quickly update the model with additional details and design alignment changes enabled 
prompt updates to the third parties, and generally prompted feedback in return. 

BIM was also used to facilitate the numerous Interface Agreements required between ETP 
and other TfNSW affiliates, including Local Councils (Road Interface Agreements), Govern- 
ment Agencies (Sydney Trains, Port Authority, Sydney Light Rail), DPIE (Department of 
Planning, Industry, Environment) — Construction Licensing, Greater Sydney Planning & Pro- 
gram Division, local Major projects (specific collaboration agreements), Infrastructure & 
Place — Asset Maintenance Division (Bridges & Structures). 

BIM also enabled the team to swiftly react to Planning Proposals and Development Appli- 
cations from third parties through provisional modelling that facilitated preparatory impact 
assessments. 


2.10 Substratum acquisition support 


Substratum acquisition is a complex process requires engineering, delivery, commercial and 
planning approval input, and carries significant risk for Sydney Metro. The acquisition extent 
must avoid existing buildings structures and be as small as possible to avoid unwarranted ster- 
ilisation of underground space, whilst being large enough to cater for the anticipated tunnel 
support such as rock bolts, dowels and cable bolts. 
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The Sydney Metro Corridor Protection Technical Guidelines (Sydney Metro 2021), as illus- 
trated in Figure 7 for TBM tunnels, form a starting point for substratum acquisition. These 
show the entire profile that was to be acquired if there was no undue risk from existing build- 
ings or infrastructure assets. Thanks to the efficiencies of BIM, a dedicated taskforce was able 
to assess 150 combined properties/assets in only 12 weeks more efficiently to confirm the fit of 
the substratum profile versus the interfacing basement and foundation structures. 
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Figure 7. Left: Suggested minimum dimension for underground acquisition envelope around twin run- 
ning tunnels (CCM 2019) Right: 3D rectangular prism modelled in BIM. A: Running Tunnels, B: Dimen- 
sion =7m. 


There were instances where existing structures infringed on the substratum acquisition enve- 
lope (refer Figure 8). This triggered a review of relied-upon primary data as well as modelling 
consistency checks. To resolve the infringements, forums were established to consider ground 
conditions, foundation types, data reliability, required tunnel/cavern support and heritage 
constraints. The prior robust development of BIM made this task effortless in comparison to 
the traditional methods. This was qualitatively demonstrated between temporally concurrent 
processes across other SMW packages and saved considerable time. Finally, localised notch- 
ing treatments (limited reductions to the standard profile) were defined to manage the risks 
i.e., avoiding clash, feasibility of support systems etc. 


———— 


Figure 8. Left: Standard Substratum Envelope cross section, Right: Standard Substratum Envelope 
with amendments including local notching. Colour code: Red: No available records/no reliability, 
Orange: Design records/ some reliability, Green: as-builts/site investigations/reliable, A: Hunter St Sta- 
tion Cavern, B: Sub stratum extents, C: Notching, D: Superstructures. 


The degree of accuracy and resolution of BIM enabled high-precision modifications to the 
substratum. An example of a localised extrusion from a heritage building that was observed to 
protrude into the typical substratum envelope of the Hunter Street Station cavern is shown in 
Figure 9. Discrete and isolated adjustments were made to the cavern support design to avoid 
this clash. 


2899 


Figure 9. LHS; Instance of clash along Hunter Street. RHS; The high level of notching made possible 
by BIM. A: Cavern crown, B: Inside vertical face of substratum envelope, C: Substratum envelope intru- 
sion, X = 20m & Y = 32m. 


2.11 Tenderer integration 


One of the key objectives of early BIM adoption in ETP was to clearly communicate, depend- 
encies, opportunities, and constraints of the project to the tenderers early after the commence- 
ment of tender. 

Snapshots from BIM were shared by Sydney Metro during the first knowledge transfer 
workshop to present vertical and horizontal constraints which drove the alignment Concept 
Design. The key physical building and infrastructure interfaces were consistently presented to 
the tenderers in a dedicated workshop, enabling quick familiarisation of the Concept Design. 
This approach also enabled the tenderers to quickly put forward options and alternatives for 
Sydney Metro’s consideration, which was in turn facilitated by BIM. This quickly demon- 
strated the value of the detailed work that had been done prior to the commencement of the 
procurement process. This approach is also likely to explain, at least in part, the reduction in 
Request for Information from the tenderers regarding buildings and other infrastructure inter- 
faces compared to other earlier SMW packages, despite the significantly greater number of 
interfaces on ETP. 

Visual representation in BIM of the data reliability, in particular the existing buildings, was 
essential to avoid any ambiguity regarding the maturity of the information and this enabled 
them to appropriately allocate risk. Reliability was communicated with traffic light colours 
for intuitiveness (Figure 8). Each type of proposed structure or existing structures was also 
colour-coded. 


2.12 Future management 


By promoting a digital culture, the early application of BIM is expected to have a major posi- 
tive impact for later stages of the project, from detailed design to operation. The compilation 
of digital records for ETP, which involved months of research, classification, and validation 
of vast data sets, enabled to build a robust and resilient model, which not only proved 
extremely useful during the tender design, but will also form the basis for subsequent design 
stages. It also provided a reliable basis for land acquisition that will assist in the permitting of 
future development. 

The early BIM work has set the tone for future development of the project and helps realise 
the potential for implementing a digital twin strategy for efficient operation and asset main- 
tenance. This enables implementation of Computer Aided Facility Management (CAFM) and 
Computerised Maintenance Management System (CMMS). 
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3 CONCLUSION 


Using Sydney Metro West — Eastern Tunnelling Package as an example, this paper presents 
some of the major advantages of implementing BIM from an early stage of design to manage 
complex interfaces in a dense urban environment. On SMW-ETP, the value of BIM far out- 
weighed the effort associated with developing and maintaining the model concurrently with 
concept design, and managing the additional variability caused by early implementation. 
Tools were implemented to quickly integrate design changes and additional data on the built 
environment, as well as communicate the reliability of that data. BIM enabled to manage 
complex interfaces during the development of concept design. BIM acted as a single source of 
truth across multiple disciplines and enabled direct feedback by the designers. Clash detection 
also enabled optimisation of design at several critical interfaces. Additionally, BIM enabled to 
communicate effectively with numerous internal and external stakeholders, and reduce the 
risks associated with substratum acquisition. The advantages of early BIM implementation 
and the sharing of the input were clearly demonstrated through the tender process. Tenderers 
were able to quickly familiarise themselves with the interfaces and develop their own model to 
compare with the Sydney Metro model. This enabled the Tenderers to identify early options 
and alternatives which were assessed efficiently by Sydney Metro. Overall, early implementa- 
tion of BIM creates a strong, collective digital culture throughout the project’s lifecycle and 
can form the backbone of large infrastructure projects. 
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Analysing and predicting surface settlements from metro 
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School of Mining and Metallurgical Engineering, National Technical University of Athens, Athens, Greece 


ABSTRACT: Tunnel Boring Machines (TBM) are the predominantly used for the excavation 
of metro tunnels in urban areas, as at the same time they can achieve almost zero disturbance to 
the surrounding rock mass and can attain high advance rates. Nevertheless, the complexity of the 
geological and geotechnical conditions along with the vulnerability of surface structures can give 
rise to surface settlements and potential problems. Although there is a number of methods of both 
empirical and computational nature to make predictions of the anticipated settlements, the intro- 
duction of modern machine learning applications can further assist in a more accurate perdition 
and assessment of risk prone circumstances. In the paper the analysis of the surface settlements is 
made with machine learning methods utilizing data coming from the construction of Athens metro 
Line 2, namely an interval part of the Hellinikon extension project. The data taken into account 
consist of both the geological and geotechnical conditions encountered and the EPB-TBM operat- 
ing data. Several Artificial Neural Networks (ANNs) were developed utilizing a different set of 
input parameters and were evaluated against their prediction performance capabilities as com- 
pared with real measurements. Four ANNs showed the most promising results having an average 
prediction accuracy of more than 79% and a consistent behavior across almost the entire range of 
the test dataset used, closely following the trend and behavior of the measured settlements. 


1 INTRODUCTION 


With the rapid development of Artificial Intelligence (AI), human handling slowly transforms to 
human oversight in what we elaborately call “intelligent” machines. The benefits are many, indica- 
tively, the calculations and consequently the decisions derived from them have to be made at 
a much higher rate and the standard procedures in boring or tedious tasks are performed more 
efficiently. In the specific field of work that this paper is conducted, which is construction, the 
number one priority is given to safety. For a machine to work more efficiently under the human 
supervision in the field of security, the probability of making a critical error must be much less 
than the probability of error caused by human handling. In the case of a fully automated tunnel 
excavation using a Tunneling Boring Machine (TBM) the safety parameter would lie solely in the 
degree of disturbance of the surrounding rock mass. In soils that contain a percentage of clay, like 
the one in this study, Earth Pressure Balanced (EPB) machines can be used to support the geo- 
logical medium. The excavated material together with admixtures (water, foam, or bentonite) if 
necessary, takes the shape of the excavation chamber and provides support to the face of the 
tunnel. This volume of soil material must have sufficient pressure to reach equilibrium with the 
forces acting on the face. Therefore, the principle governing the support is the same as the one 
provided by the Slurry Shields, however there are differences in pressure control and excavation 
removal equipment. The high density and viscosity of the support medium act favorably to sup- 
port the face of the tunnel along with the ground material, in contrast to other support methods, 
where in such combinations there is a risk of sudden large-scale collapse (Figure 1). 
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Figure 1. Open, closed, and semi-closed mode functions of an EPB shield (Babendererde, 2005). 


In any case the estimation of the settlements that will be caused on the surface are of major 
importance. These estimates should be made quickly, with satisfactory accuracy which can be 
improved with data coming from tunnel sections that have already been excavated. The empir- 
ical solutions and computational methods that exist so far in the literature have achieved good 
accuracies and have made a lot of progress over the years. In this concept of progress, model 
development with Machine Learning (ML) can be another tool towards the estimation of settle- 
ments using previous TBM drilling data analysis. 

ML techniques and Artificial Neural Networks (ANNs) in particular have been applied with 
great success in various geotechnical and tunnelling applications, including settlement predic- 
tion (Zhang, 2020). ANNs can provide rapid generalizations/estimations of surface settlements 
by taking into account a variety of factors relating to geological, geotechnical conditions, site- 
specific characteristics as well as tunnelling methods and construction type employed. The data 
is used to calibrate the ANN that will eventually adapt to them and learn all hidden intercon- 
nections. Thus, by feeding the trained ANN with a set of inputs, it can provide estimations of 
the anticipated values of the modeled phenomenon. They are easy to be used once trained and 
also have the ability to be upgraded and updated with new data from the progress of the exca- 
vation so as to attain enhanced accuracy and improved envelop of application. 

This paper aims to estimate the surface settlements related to the operation of the TBM-EPB 
machine during the opening of the interval 5 of the extension of Line 2 of the Athens metro to 
Elliniko, by analyzing part of the Internal 5 data (Attiko Metro, 2007), configuring the correl- 
ation between them, tuning the hyperparameters needed and, finally implementing a series of 
ANN models in order to estimate the surface settlements occurred using various metrics. 


2 DESCRIPTION OF THE PHENOMENON 


Tunnel excavation in soft soils (gravel-clay) is characterized by changes in stresses and move- 
ments to a large extent. Our experience has shown that no excavation method has been devel- 
oped so that the deformations are so small in order for the soil strength to not be fully 
mobilized (Peck 1969). Thus, it is inevitable not to move the ground when it is disturbed. 
These movements are spotted in the ground above the excavating area. To some extent they 
are desirable as they reduce the stresses in the ground around the tunnel and thus less struc- 
tural support is required, resulting at a lower cost (Peck, 1969). However, when these soil 
movements are extensive their effects are noticeable on the ground surface in the form of sur- 
face settlements, which can be destructive to the overlying structures. For this reason, their 
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calculation is considered crucial. The general strategy is to keep the deformations and conse- 
quently the direct movements as small as possible by avoiding the loss of soil volume. Settle- 
ments that occur during excavations are mainly due to the loss of volume, i.e., the difference 
between the volume of material that exists initially in relation to the volume of material after 
excavation, and are categorized as follows (Guglielmetti, 2003): 


e Immediate settlements which occur almost simultaneously with the excavation, as a factor 
of the tunnel face stability and the relevant construction parameters employed (e.g., 
advance rate, face support, grouting, etc.). The settlements along the axis of the tunnel start 
at a certain distance before the excavation face and end when the grouting material filling 
the voids between the precast support ring and ground acquires its final strength. 

° Settlements that occur due to the deformation of the tunnel lining mainly when the diam- 
eter is large, and the tunnel is located at a shallow depth. However, in excavations made 
with TBMs these settlements are considered negligible as the loads and deformations that 
the final lining will receive can be easily predicted and thus the lining is subjected to negli- 
gible deformations. 

¢ Long-term settlements which can occur in two stages. In the first stage, the primary consoli- 
dation takes place, which usually occurs in cohesive or consolidative soils during the outlet 
of pore pressure. In the second stage, the secondary condensation takes place, which 
appears commonly known as creep. 


2.1 Settlement estimation 


The estimation of settlements during the excavation in shallow tunnels is obtained from vari- 
ous empirical and analytical methods, as well as from numerical simulations. These take into 
account factors such as the depth at which the excavation is taking place, the diameter of the 
tunnel, the excavation method as well as the geology of the area. Initially, empirical, and ana- 
lytical methods can inform us with a first quick assessment of the settlements that will occur. 
However, enough assumptions have to be made in order to group any differences with the 
current project and consequently be able for application. For this reason, their results must 
always be accompanied by numerical simulations. In the past many methods have been devel- 
oped, and have been in use even nowadays, in order to estimate the settlements in tunnel exca- 
vation. Some of them are: Peck’s Computational Method (1969), Tunnel Face Pressure 
Theory (Anagnostou & Kovari, 1996), Cording & Hansmire empirical method (1972), O’Ril- 
ley & New empirical method (1982), Sagaseta’s analytical method (1987). 


3 METRO AREA OF INTEREST 


In the present research, the project of opening the metro tunnel in the extension of line 2, sec- 
tion: Agios Dimitrios - Elliniko was studied. More specifically, it dealt with the settlements 
that took place in the Interval 5 (from Hymettus shaft to Leontos shaft, between the kilometer 
positions from Ch. 13 + 335.6 to Ch. 12 + 750.3. The distance of this interval is 585 m. 


3.1 Geology of the area 


According to the geotechnical research and investigation campaign conducted by 
Attiko Metro (Figure 2), the general geology of the area consists of various of cohesive 
calcareous materials, mainly from limestone composition which can be considered 
cohesive and depending on the area either soft or hard. The area is also consisted of 
silty clay with sand and gravels of small plasticity or no plasticity at all, up to places 
where it is considered a soft cohesive soil material. The latter is presented in three 
forms: the rock behavior (a: rock like), as a fragmented rock with mixed soil-rock 
characteristics (b: mixed rock like & soil-like) and finally as an alternation of frag- 
mented rock with soil sections and soil characteristics (c: soil-like). 
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Figure 2. Geotechnical parameters and section of the geological background of the interval (Attiko 
Metro, 2007). 


3.2 EPB-TBM characteristics 


The 9.49 m-diameter EPB machine of was used to excavate the single, double-track, tunnel. 
The machine was manufactured by Herrenknecht and according to the manufacturers the 
maximum thrust force is 24000 kNm, having an instantaneous penetration rate of 60 mm/min 
(Koukoutas, 2015). The machine operated with a closed excavation mode in the sections of 
the tunnel length where poor geotechnical characteristics (high plasticity, low internal angle of 
friction) and also special foam admixtures were used. The ratio of foam volume for each cubic 
meter of excavation material ranged from 15% to 30%, while the foam expansion coefficient 
ranged from 10:1 to 15:1 (Attiko Metro, 2007). 


4 DATA ANAYSIS AND PREPARATION 


The data gathered from Attiko METRO were consisted of 61 records. The parameters taken 
into account for the analysis incorporate data related to the TBM’s operational characteris- 
tics, the geotechnical conditions encountered as well as tunnel’s geometrical characteristics. 
These are shown along with their respective values in Table 1. 

The division of the database was 80-20 (80% of the dataset was used for the training of the 
model and 20% of the dataset was used for the test-validation of the model) with the test data- 
set performing the validation due to limited amount of data. The normalization of the dataset 
was conducted with the “min-max scaler” equation and Adam as the optimizer. 


5 MODEL DEVELOPMENT AND RESULTS 


Various ANN models were formed, experimenting with different architectures, in order to observe 
the effect these changes have on the results. The models were developed in the Python script lan- 
guage which allows the user to fine tune many parameters of the models. The inputs (x) are the 
data from Table 1 while the output (y) is the maximum settlement. The basic model called “ALL 
THE VARIABLES - ATV” had an optimized architecture of (16x34x16x1) and is shown in 
Figure 3. The second model called “WITHOUT STOP TIME -WST)” had the aforementioned 
stop time parameter excluded from the analysis. In models three and four the grout volume par- 
ameter and the excavated soil parameter where excluded - mostly to affirm that these parameters 
indeed contribute a lot in the phenomenon - and were called “WITHOUT GROUT VOLUME - 
WGV” and “WITHOUT EXCAVATED SOIL - WES” respectively. 
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Table 1. Description table of the model’s input parameters. 


TBM Operational Parameters Min Max Mean Std. 
Head torque (MNm) 7.10 13.50 9.98 1.32 
Head thrust (kN) 14514 23842 19166 2119 
Face pressure (bar) 0.60 1.81 1.41 0.20 
Penetration speed (mm/rev) 13 23 18.66 2.18 
Grout pressure (bar) 1.5 4.0 2.5 0.5 
Screw conveyor (rpm) 2 4.3 2.66 0.30 
Grout volume (L) 22138 4122 6976 1611 
Excavated soil (tn/h) 107 245 199 25 
Stop time (min) 3570 36 131.5 428.6 
Geotechnical parameters Min Max Mean Std. 
Cohesion c in face area (c_e) (KN) 52.4 74.8 62.1 5.6 
Cohesion c in overburden (c_o) (KN) 76.1 94.8 85.3 4.8 
Angle of friction in face area (f_e) 35.2 41.6 36.1 0.8 
Angle of friction @ in overburden (f_o) 36.1 40.3 37.8 1.4 
Geometrical parameters Min Max Mean Std. 
Overburden (m) 12.87 15.48 14.31 0.77 
Distance to Water Table (Tunnel invert to WT) (m) -20.6 -17.2 -19.1 1.0 
Distance from shaft (m) 0.0 283.5 131.7 83.1 
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Figure 3. Architecture of the ANN model “ATV” (16x34x16x1). 


In order to find the most suitable model for the estimation of the maximum settlements, sev- 
eral comparisons should be made. The comparison concerning the training and testing error of 
each model is presented in Table 2. Although the training was performed with the mean squared 
error (MSE) the presentation of the results can be done equally with the calculated root mean 
squared errors (RMSE), in order to compare the results with different studies. 

In Figure 4, on the left side, the loss function diagram is presented while in the right the training 
diagram (MSE per epoch) can be observed. In both diagrams the blue line indicates the train 
values while the orange line indicates the validation- test values. In every case it can be observed 
that the minimization of the loss function in the test dataset was easier in comparison with the 
train dataset. This could be attributed to the size of the dataset or the absence of faulty data in the 
test dataset (outliers). Another metric that was used to assess the model was the percentage of 
Average Accuracy of the predictions which is presented in Table 3. In Table 4 a full comparison 
of all the metrics between the four models regarding the train and the test dataset is presented. 
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Table 2. MSE and RMSE for train and test for all the models. 


MSE (mm) RMSE (mm) 
Models Train Test Train Test 
“ATV” 11.10 6.63 3.332 2.575 
“WST” 11.93 5.94 3.454 2.439 
“WGV” 11.86 7.25 3.445 2.693 
“WES” 10.85 6.84 3.294 2.616 


Figure 4. Training and testing diagrams of the “ATV” model per epoch. 


Table 3. Average accuracy of the test data- 
set in the four models. 


Models Average Accuracy 
“ATV” 80.23% 
“WST” 81.10% 
“WGV” 78.75% 
“WES” 79.27% 


Table 4. Full comparison of all the metrics between all the models. 


“ATV” “WST” “WGV” “WES” 
Train MSE (mm) 11.10 11.93 11.86 10.85 
Test (MSE) (mm) 6.63 5.94 7.25 6.84 
Avg. Train MSE (%) 31.81% 33.47% 34.69% 30.01% 
Avg. Test MSE (%) -4.66% -3.62% -6.02% -4.62% 
Avg. Accuracy (%) 80.23% 81.10% 78.75% 79.27% 


It is easy to deduce that the two best models are the model named “ATV” and the model 
named “WST”. However, it is not yet clear which of those two models is the best for the pre- 
diction of the max settlements. For this reason, a comparison between the two best models is 
made in Figure 5. With the red line the y=x equation is formed to represent the absolute ana- 
logy between reality and prediction. The closer the values are to the red line the closer are the 
model’s predictions to the reality. It is observed that the “WST” model’s (aqua color) values 
are slightly closer to the red line as a whole, and it can also be observed that in the mid to 
lower range of the max settlements, both models respond quite well. 
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Figure 5. Actual vs predicted of the two best performing models. 


Another important result of the ANNs, as presented in Figure 6, is that the generalization 
in the test dataset follows the trend of the actual values, avoids overfitting, and in many cases 
achieves a high accuracy. If we exclude the outliers in the test dataset, because they can be 
interpreted as settlements that happened through the course of time due to consolidation and 
are not instantaneous, and add the fact that the max difference between the actual and pre- 
dicted settlements does not exceed the 8 mm (even for the outliers - absolute avg. difference 
between the actual and predicted values = 2.55 mm), it can be said that the model is in 
a position to extract dependable results regarding the prediction of the maximum settlements. 


Figure 6. Generalization of the “WST” model in the test dataset. 


6 CONCLUSIONS 


Machine Learning techniques and more particularly the Artificial Neural Networks can 
deliver a reliable working solution for estimating surface settlements due to tunnelling. 
Attaining and average accuracy of more than 80% the ANNs can eventually be actively 
involved as a tunnel excavation analysis tool in practice as they can estimate the size of 
the maximum settlements. 

The results of the models confirmed the significance of many parameters that the existing 
settlement prediction methods take into account. Along with model interpretation techniques 
and a plethora of data, ML algorithms can contribute not only towards the prediction of the 
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phenomenon but also in giving a parameter explanatory analysis, pinning down the param- 
eters that mostly affect the prediction in any individual excavation, thus helping engineers to 
assess the problem with extra tools. 

Finally, the models produced from this study can be used in the reverse direction, meaning 
that the assessment of the optimum machine operational characteristics can be assessed, pro- 
vided that a target viable and sustainable settlement profile, especially in sensitive surface 
areas, is to be selected. 
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ABSTRACT: The condition assessment of masonry lined railway tunnels typically involves 
manually identifying lining defects from photographic and lidar surveys taken of the tunnel 
intrados. This process is time-consuming and subjective to the assessor’s judgement. However, 
recent developments in machine learning achieve the quality metrics required to automate the 
detection of defects from noisy and irregular tunnel data, offering the potential to reduce 
tunnel assessment and maintenance costs. This paper proposes a deep learning workflow for 
defect segmentation. The method is evaluated on the task of masonry block segmentation 
from lidar data. Acceptable performance is achieved on a sample tunnel section, suggesting 
that similar methods are applicable to other masonry lined tunnel defect segmentation tasks. 


1 INTRODUCTION 


A reliable railway system is often a key part of a nation’s economy and so it is important to 
prevent railway tunnel failures that may cause system disruptions. Early warning through con- 
dition assessments is vital to avoid the significant remediation costs associated with tunnel 
failure (Paraskevopoulou et al. 2022). However, the majority of railway lines in Great Britain 
were constructed in the second half of the 19th century and, as a result, most railway tunnels 
are masonry lined with a deteriorating structure (Atkinson et al. 2021). Built before modern 
design standards, their behaviour can be challenging to predict. It is therefore important to 
accurately characterise the serviceability state of each tunnel to enable timely remediation 
work to take place and prevent a worsening of the structural condition. 

At present, the typical masonry tunnel assessment methodology involves a visual and tactile 
inspection, followed by structural analysis undertaken post inspection in an office setting. In 
accordance with (NR 2016), a standardised report is produced and defect severities and loca- 
tions are input into a TCMI (Tunnel Condition Marking Index), which generates an overall 
condition score for the tunnel. The complete inspection and analysis workflow is shown in 
Figure 1. The following potential tunnel lining defects are considered: 


° Spalling 

e Open joints or perished mortar 

e Water ingress 

e Hollow sounding areas 

¢ Bulges or lining deformation, distortion or flattening 
e Loose or missing masonry/ block loss 

e Cracks and fractures 


Each tunnel inspection consists of a team of inspectors traversing the tunnel and visually 
observing defects using flashlights. Voids behind the tunnel lining may be identified by 
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tapping the lining with a listening tool, hearing changes in the sound produced. A TLS (terres- 
trial laser scanning) survey is typically undertaken during an inspection to enable a 3D point 
cloud of the tunnel to be generated, as many defects can be identified and analysed post- 
inspection directly from this point cloud. 

A manually designed 3D model of the deformed tunnel lining is created using trial and 
error. Defects including spalling, large cracks and block loss are then visually identified from 
the offset of the lidar survey from the manually created model. Water ingress and efflorescence 
can be identified from the RGB data of each point. Thresholding is used to highlight points 
with outlying properties. Despite the digitisation of the inspection process, the process is still 
time consuming and dependant on individual assessor’s experience, perception, and engineer- 
ing judgement to locate defects on the 3D model. This can lead to defects being missed. As 
a result, the benefits from automation are substantial. Despite this, the assessment process has 
modernised little compared to those within other engineering disciplines. 

This paper briefly reviews various literature methods that have the potential to be applied 
to automate the assessment process, before proposing a deep learning based defect segmenta- 
tion method. It then analyses the effectiveness of the method when applied to segment tunnel 
lining masonry blocks from lidar data. This task is chosen, as the non-homogeneity of 
masonry tunnel linings, partially due to the presence of masonry joints, is a key part of why 
defect analysis of masonry tunnels is more challenging to automate than concrete lined tun- 
nels. Block segmentation is also a key part of tunnel condition digitisation as it enables indi- 
vidual blocks to have their properties labelled. 
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Figure 1. Typical tunnel assessment workflow. 
2 REVIEW OF ADVANCES IN TUNNEL CONDITION ASSESSMENT 


Modernisation of railway tunnel inspection has, in the UK, been mostly limited to the intro- 
duction of TLS surveys. Much research has been conducted on the feasibility of robotic 
inspection methods, including whether sensors can be attached to in-motion rail vehicles. In 
addition, there are multiple alternative data collection methods that have been proposed to 
aid inspections including GPR (ground penetrating radar), Muon tomography, and Ultra- 
sound. The field has been previously reviewed by Haack et al. (1995), McCormick (2010), and 
Strauss et al. (2020). Robotic inspection methods were reviewed by Montero et al. (2015). 
While many of these methods either simplify the inspection procedure or generate more 
insightful information about a tunnel’s condition, they have generally not been adopted by 
industry outside of specialist applications. This is often due to the greater upfront cost of new 
systems and lack of specialist knowledge to operate the machinery and analyse data. 

Being able to automatically detect and identify defects from already routinely recorded 2D 
and 3D sensor data would reduce the cost and subjectivity of the classification process, with- 
out requiring additional equipment or specialist personnel. Some have proposed change detec- 
tion methods such as digital image correlation. Stent et al. (2016), for example, created 
a workflow to automatically detect concrete tunnel lining changes between subsequent photo- 
graphic surveys. Changes detected are clustered into groups representing the formation of dif- 
ferent types of defect. While the change detection was successful, their defect clustering 
method produced many false positives and cannot label the nature of each defect cluster. 

As reviewed by Spencer et al. (2019), computer vision involving deep learning has been 
applied extensively for automated defect detection and segmentation across a variety of infra- 
structure condition assessment tasks.The field of computer vision involves applying algorithms 
to automatically make conclusions about a scene directly from an image. Since the advent of 
deep convolutional networks, the field has developed rapidly (Chai et al. 2021). Research has 
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been conducted, for example by Makantasis et al. (2015), to detect defects in concrete tunnel 
linings from photos of the tunnel lining using CNNs (Convolutional Neural Networks). 

No work could be found extracting defects automatically from masonry lined-tunnels, 
although studies such as Wang et al. (2018) and Dais et al. (2021) have applied patch based 
sliding CNN methods for detection of spalling and cracking of external masonry walls from 
photographic data. 

Encoder-decoder based defect segmentation networks such as the U-Net generally 
achieve higher localisation performance than patch-based ones, so offer the most 
potential for accurate defect identification from tunnel lining lidar data. They have 
been successfully applied by Ibrahim et al. (2019) and Loverdos & Sarhosis (2022) to 
segment masonry joint locations from photographic data of external masonry walls 
and by Dais et al. (2021) for masonry crack segmentation. These approaches are com- 
pared with manual segmentation in Table 1. 

The photographic methods used in these studies may be challenging to apply to older 
masonry lined tunnels, as uniform lighting is difficult and defects are often obscured by 
significant efflorescence and masonry discolouration. It would be beneficial to use 3D 
point cloud data recorded by lidar instead of 2D colour image data. A comprehensive 
lidar survey is also typically already conducted during tunnel inspections. Studies identi- 
fying structural defects from 3D point clouds most commonly take a multiview 
approach. This involves projecting point properties from the sides of a structure’s point 
cloud onto a 2D image. Reducing the complexity of the problem to 2D makes training 
models easier and takes advantage of the more advanced state of 2D computer vision 
research. Yoon et al. (2009) conducted early work using geometrical methods to identify 
concrete tunnel lining defects from lidar data. Defects were defined as points with 
a significant offset from the plane of the tunnel lining. More recently, patch and 
encoder-decoder CNNs have been applied to flattened 3D data. Xu & Yang (2020), for 
example, trained a mask RCNN on photogrammetry data to detect cracks in concrete 
tunnel linings. Zhou et al. (2021) used a CNN to segment areas of spalling in concrete 
lined tunnels from 3D point cloud data. To flatten the point cloud, they fitted an ellipse 
to the inside of the tunnel lining. It is unknown, however, whether lidar generates high 
enough quality data to be used with machine learning methods on highly non- 
homogeneous masonry tunnel linings. 


Table 1. Infrastructure defect segmentation methods. 


Method Advantages disadvantages 

Manual visual identification Output is explainable Time consuming. Output is subject- 
ive and often variable. 

Change detection methods, Good detection of defects since Requires data from before the for- 

for example digital image previous survey, no machine learn- mation of defects, Unable to identify 

correlation ing required defect types 

CNN based patch Easy to label data for training Localisation of defect is limited to 

classification size of patch 

Encoder-decoder CNN Good localisation of defect. Small Output can be noisy, so often needs 

segmentation training sets possible. post-processing 


3 METHODOLOGY 


A multiview approach to segment individual masonry blocks from tunnel lining 3D point 
cloud data is proposed in Figure 2. 

The tunnel lining point cloud is first unrolled and flattened onto a 2D plane to enable it to be 
rasterised without distortion. The transformations for unrolling are calculated from a manually 
fitted tunnel intrados mesh. Each of the point cloud parameters outlined in Table 2 are then 
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Figure 2. Proposed block segmentation method. 


rasterised onto 2D grids. The rasters are run through a neural network trained to segment masonry 
joints. Once the mortar has been segmented into a binary image, a watershed algorithm based on 
the theory outlined in Roerdink & Meijster (2000) is applied to isolate and label each block. 


Table 2. Point cloud parameters. 


Normal Change Rate 


The point cloud normal change rate is a measure of the change in curvature at a certain point, indicating 
where local surface deviations are present. It is calculated by subtracting the point cloud normal calcu- 
lated over a small radius from the point cloud normal calculated over a large radius. This is shown in 
Figure 3a. Point cloud normals are calculated by least squares fitting a plane to points within a radius of 
the target point using principal component analysis 


Surface roughness 


This is a measure of a point’s deviation from the local surface. A least squares plane is fitted to points 
within a radius of the target point but excluding the target point. The roughness is the distance of the 
target point from the calculated plane and is shown in Figure 3b. 


Depth map 


This is offset of the raw point cloud from the undeformed manually created 3D model. 


Intensity 


This is the intensity of the reflected laser detected by the lidar scanner. It gives an indication of the reflect- 
ance of the surface at the target point 


RGB 


Colour data is attributed to each point from a camera mounted on the TLS station. 


P= {p1.P2,-- PN} 


Pip. 
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. 
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large radius small radius difference of normals 


(a) (b) 


Figure 3. (a) Point cloud normal change rate (b) Point cloud surface roughness. 


3.1 Segmentation network 


A pixelwise semantic segmentation network is trained on the rasterised images to semantically 
segment the masonry joints, creating a binary image of their locations. The U-Net and SegAN 
networks are trialled. The U-Net is a popular Encoder-Decoder format network developed by 
Ronneberger et al. (2015) that utilises skip connections. Multiple encoders were trialled and 
a MobileNetv2 encoder was found to be the most effective. Developed by Howard et al. 
(2017), MobileNet uses depthwise separable convolutions to create a more efficient architec- 
ture than encoders such as ResNet. Transfer learning is used by pretraining the encoder on 
the ImageNet dataset. The Adam optimiser developed by Kingma & Ba (2014) is used in com- 
bination with a Binary cross entropy loss function. 
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The SegAN network developed by Xue et al. (2017) is a generative adversarial network that 
uses a multiscale objective function. Generative adversarial networks consist of two networks com- 
peting in a zero-sum game. One network is an encoder-decoder trained for segmentation, while 
the other is trained to identify the difference between the segmentation output and the ideal 
output. This helps the network to perform in a more human-like way and should enable better 
segmentation of obscured lining areas, for example when adjacent blocks are touching at joints. 


3.2 Watershed algorithm 


After application of the segmentation network, a marker assisted watershed algorithm is 
applied to connect gaps in detected joints. This ensures that each block has a complete bound- 
ary and so can be individually identified. A similar method was previously used by Ibrahim 
et al. (2019) for masonry block segmentation from RGB images. 


3.3. Network training 


Unlike in typical semantic segmentation tasks, the binary masks created for training consist of 
straight lines representing the masonry joint locations. This is intended to encourage joint 
location pattern learning and help identify the locations of partially occluded joints. 

The network is trained on 512x512 image crops. Five different random transformations are 
applied to each image and mask pair before each step of training. The transformations 
Random brightness, Random contrast, Random 90-degree rotation, Random image flip and 
Gaussian noise were chosen as feasibly realistic. A train test split of 8:2 is used. 


3.4 Dataset 


A lidar survey of the Sydney Gardens East railway tunnel (SGE) in Bath provided by Bedi Con- 
sulting Ltd. was used to evaluate the method and is shown in Figure 4. The tunnel lining is formed 
of irregularly sized rectangular stone blocks arranged in regular layers of varying sizes. There are 
substantial mineral deposits causing rough surfaces and obscuring the masonry joints on the inten- 
sity and RGB data. Some of the blocks are spalled in places. An 8.5m x 5.25m area of masonry 
within the northerly part of the tunnel was used for training. After flattening, this section produces 
a 8486 x 5265 image containing parts of 217 masonry blocks. The training images formed from 
each of the point cloud attributes outlined in Table 2 are shown in Figure 5. A 0.01m radius was 
used for normal change rate calculation and 0.1m was used for roughness. A 4-channel method 
using all the parameters except for RGB was also trialled. A 2397x4286 image of a different part 
of the tunnel with similar properties was used for testing the optimised networks. 


(a) northern portal ? (b) 3D point cloud obtained by TLS 


Figure 4. Sydney Gardens East tunnel. 
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(a) Surface roughness l (b) Intensity (c) Normal variation (d) Depth map 


Figure 5. Layers of image used for training. 
4 RESULTS & DISCUSSION 


The neural networks were trained using PyTorch on an Intel 17 2600k@3.00GHz with 16Gb of 
RAM. The training utilised CUDA on a Nvidia GTX970 GPU with 4Gb VRAM. Training was 
conducted for the optimum number of epochs according to validation set results up to a maximum 
of 200 epochs. The Following hyperparameters were determined as optimal for training: 


e Learning rate = 0.0005 
e Eps = le-08 

e Weight decay = 0.00001 
e Batch size = 2 


The depth map output on the test data is shown in Figure 6. The effectiveness of the U-Net 
and SegAN networks within the semantic segmentation step is discussed below and recorded 
quality metrics are shown in Table 3. Where TP = true positive, FP = false positive, and FN = 
false negative, the following metrics are calculated: 


e Precision - This is the percentage of detected joint pixels that are correct and is calculated 
as TP/(TP + FP). 

e Recall - This is the percentage of joint pixels that are correctly identified and is calculated 
as TP/(TP + FN). 

¢ Intersection over union (IOU) - This combines precision and recall to assess the overall per- 
formance. It is calculated as TP /(TP + FP + FN). 


Table 3. U-Net and SegAN results. 
Image type Network Precision Recall IOU 


intensity U-Net 0.5515 0.4948 0.3528 
normal U-Net 0.5562 0.4614 0.3373 
roughness U-Net 0.6557 0.4687 0.3761 
depth map U-Net 0.5439 0.819 0.4856 
RGB U-Net 0.2606 0.7000 0.2344 
combined U-Net 0.6381 0.6655 0.4832 
intensity SegAN 0.5646 0.848 0.5128 
normal SegAN 0.5455 0.6836 0.4354 
roughness SegAN 0.583 0.837 0.5235 
depth map SegAN 0.5604 0.8986 0.5271 
RGB SegAN 0.0001 0.4838 0.0001 
combined SegAN 0.5737 0.872 0.5292 
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In general, an IOU above 0.5 is considered satisfactory performance for segmentation 
tasks. The depth map obtains the best performance for the U-Net. This is expected, as the 
image is directly showing the location data of each point and is less impacted by local vari- 
ations from spalling in the case of the normal variation and roughness images and mineral 
deposits and water ingress in the case of the intensity and RGB images. The combined 4-chan- 
nel input is the best SegAN network and also the best network overall, although the perform- 
ance is not substantially greater than the depth map single channel SegAN network. This 
suggests that there is not a significant diversity of information between the 4 different non- 
RGB parameters. RGB data is the worst performer and for the SegAN network could not be 
effectively trained at all. This is expected, since on the RGB images efflorescence dominates 
over joint locations. The RGB image is also more complicated, containing many different fea- 
tures. SegAN performs better than U-Net for every image type. This is expected, since the 
adversarial nature should train the network to generalise better on noisy data. 


(a) Input Depth map (b) U-Net output (c) Watershed output 


Figure 6. U-Net and watershed output on test data using depth map network. 
5 CONCLUSION 


While there has been significant research on new tunnel data collection technologies, there has 
been only limited research on automating the detection and localisation of masonry lined tunnel 
defects. Encoder-decoder architecture convolutional neural networks that have been successfully 
applied to semantic segmentation tasks in other fields of engineering have been demonstrated here 
on masonry lined tunnels. Lidar data of tunnel linings is shown to be of sufficient quality for input 
to U-Net and SegAN segmentation algorithms. The effectiveness of different point cloud proper- 
ties for masonry block segmentation was analysed and a 2D depth map was shown to be the most 
effective input into these segmentation algorithms, although a combined input was also shown to 
be effective. Further research is necessary to examine how the network would generalise to areas 
of tunnel lining of different construction types. In addition, it would be useful to compare the 
effectiveness of 2D multiview with fully 3D computer vision methods including VoxelNet and 
PointNet. In conclusion, the deep learning based workflow presented may be usefully applied to 
masonry block segmentation without requiring any additional machinery, expertise or manpower. 
With sufficient training data, based on results in the literature it also has potential to be applied to 
segment tunnel lining defects such as spalling. 
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ABSTRACT: In tunnel construction work, dust is generated at almost all activities from 
rock blasting, rock drilling, rock bolting, transport operations and spraying wet concrete on 
tunnel walls. Each of these activities had the potential to expose workers to airborne contam- 
inants that, if not adequately controlled, can lead to significant harm, such as lung dysfunc- 
tion. Therefore, it is essential to monitor dust concentration in the air during tunnel 
construction work to minimize health damage caused by dust. The Digital Dust Indicator and 
the Low Volume Sampler are famous devices for the dust concentration monitoring in tunnel 
construction. However, their common weak point is that they lack instantly because they 
require post-measurement work to know dust concentration readings. “Low cost”, “portable” 
and “real-time” are the keywords for sophistication of air dust monitoring devices for tunnel 
construction. 


1 INTRODUCTION 


Dust of various particle sizes is generated in almost all stages of mountain tunnel construction 
including drilling, blasting, mucking, shotcreting and rock bolting. Among the dust, we 
should track level of respirable dust, that is particles being no larger than four microns in 
diameter covering any fraction of inhaled airborne particles that can penetrate beyond the ter- 
minal bronchioles into the gas-exchange region of the lungs, because it has potential dust 
inhalation health effects including lung and heart disease. In Japan, the Ministry of Health, 
Labour and Welfare (MHLW) requires responsible operators to install at least six monitoring 
stations of airborne dust near tunnel face. However, this stationary monitoring is still not be 
enough to track dust level of entire tunnel and each worker’s inhalation. To improve this situ- 
ation, some movable monitoring device with smaller and lighter that the workers can wear 
and read their dust level on site in real time with, should be developed. Such kind of device 
will enable workers to act promptly to reduce dust exposure, to alert around workers and to 
optimize tunnel ventilation. 

Currently, there are two primary methods for dust level monitoring: direct sampling 
method and indirect estimation using digital dust indicator. Although the direct method is 
more accurate, it has less immediacy because it needs time for particle collecting and weighing 
to obtain dust level. The digital dust indicator irradiates intake air with a laser to estimate 
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dust concentration level using light scattering measurement. It enables real-time monitoring of 
dust level, but one inconvenience is frequent cleaning of inlet air system. 

The authors have developed a new dust indicator using digital camera (Shinji & Kishida 2010). 
When taking pictures with flash light inside tunnels in construction, airborne dust looks signifi- 
cantly larger white particles on the images than their real size due to Mie scattering effect (aerosol 
particle scattering). Utilizing the Mie effect, Shinji & Kishida (2010) proposed a method to esti- 
mate dust level from particle counts and reflection brightness on the pictures. Their system is 
easier than the digital dust indicator because it does not have any special unit for air inlet and 
therefore it is maintenance free. 


camera 
and light 


Screen Line of sight 


Figure 1. Prototype of the Video Dust Meter. 
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Conventional stationary observation 
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Mobile observation 


Figure 2. Smart air dust observation system for tunnel construction. 

The present study evolves the dust indicator device from still camera to video to promote 
continuity and immediacy of dust monitoring. It is named as Video Dust Meter (VDM). The 
prototype device was developed and video processing algorithm was studied. 


2 OUTLINE OF VIDEO DUST METER (VDM) 


Figure | shows a prototype of the Video Dust Meter (VDM). It consists of a small computer 
(Jetson Nano), camera, light, screen, and glass filter. The camera has a 12-megapixel image 
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sensor and a focal range adjustable lens. Jetson Nano (NVIDIA) is a small, powerful com- 
puter for video capture and image processing. It can communicate each other under Wi-Fi- 
enabled environment to collect dust level information at multiple locations in tunnel in real- 
time as shown in Figure 2. 

The camera light is very important factor for our device because it affects the clearness and 
brightness of dust particles in the image. In the previous model, we were dedicated to make the 
camera light stronger and wider in the forward direction using LED ring light as shown in 
Figure 3(a) to obtain clear and stronger Mie light scattering of the particles. However, it didn’t 
produce the expected results of particle detection, because the stronger forward light brightened 
not only the dust particles but also image background as shown in Figure 3(b). Good contrast 
image is required for good particle detection. Therefore, this study took another way for the 
camera light as shown in Figure 3(b). The LED lights are attached on the lens hood directing 
inward of the camera lens. The lens hood has a 3-mm-wide slit to concentrate the light. By 
employing this style, we succeeded to concentrate light to the dust particles flying near the lens, 
which enabled clear bright particle imaging with good contrast against dark background. 


ring light 


eo 


(a) Forward ring light in our previous model (left), and its dust particle image (right) 


glass filter 


(b) Inward fing light in this model (left), and its particle image (left) 

Figure 3. Improvement of light source, a) forward ring light, b) inward ring light. 

3 ALGORITHMS TO DETECT DUST PARTICLES BY VDM 

The basic concept of our device to measure dust level is to detect and count dust particles 


from moving image. This study considered three algorithms for the image processing as 
shown in Figure 4. 
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The Case A counts dust particles focusing on the feature that the dust particles look bright 
and circular in the image. First, the background image, which is usually initial image, is sub- 
tracted from the current image to extract the dust particles that are imaged as bright circles by 
Mie scattering effect. Second, edge detection filtering is performed to identify outline of 
objects in the image. Finally, circular edge filtering is performed to remove noise and 
other minute circular shapes. 

The Case B employed machine learning to detect the dust particles in the video image. This 
study used YOLO (You Only Look Once), which is a deep learning application that enables 
fast object detection through simultaneous estimation of the region of the image and predic- 
tion of the object in a single guess. First, the captured video is divided into frames. We 
extracted and annotated the dust particles from the segmented image data using Microsoft’s 
VoTT. We detected dust particles with a model trained using annotated data. 

The Case C is the combination of Cases A and B. After the background subtraction, the 
images are binarized and annotated. We performed dust detection with a training model cre- 
ated with the annotated data. The Case C is robust to detection error caused by camera 
vibration. 


AJ] ci B 
Background eesin Dust particle detection 
| with machine learning 
(YOLO) 


Edge detection 


Circle detection 


Particle counting 


Figure 4. Flow of dust detection. 


4 LABORATORY EXPERIMENT ON MEASUREMENT PERFORMANCE OF THE 
VDM 


4.1 Outline of experiment 


Measurement performance of the VDM was tested in laboratory using an indoor plastic 
greenhouse as shown in Figure 5, which has a dimension of 1.9 m in height, 1.8 m in width 
and 27 m in length. Making a closed partition of 3.5 m in length using a plastic curtain, we 
setup the dust generator, the VDM, the digital dust indicator, and the air purification system 
as shown in Figure 5(b) and (c). The VDM and the digital dust indicator were located at 
1.75 m away from the dust generator and at 1.0 m in height from the floor. The digital dust 
indicator, LD-5R (SHIIBATA SCIENTIFIC TECHNOLOGY LTD.), was used as reference 
measurement value. The dust generator is designed to blow away powder into the air by 
instantaneous release of compressed air. As the dust simulant powder, this study used Arizona 
Test Dust (AC Fine Test Dust, ISO 12103-1, A2, FINE), in which 100 vol% is not larger than 
100 microns (inhalable) and 30 vol% is not larger than four microns (respirable). 

In the experiment, after starting measurement of the VDM and the digital dust indicator, 
we triggered the dust generator and left the room as it was. After a certain minute, we 
switched on the air purification system to lower the dust level. 


2921 


4.2 Measurement results of the experiment 


Figure 6 shows the measurement result of the experiment. The temporal change in the dust 
level observed with the digital dust indicator and the VDM is shown. The digital dust indica- 
tor counts dust particles in intake air flow and displays its number every second in terms of 
counts per minute (cpm). On the other hand, the VDM takes an image every 33 millisecond 
(30 frame per second (fps)) and counts particles in each image. Therefore, we averaged the 
particle numbers of 1800 images (30 fps x 60 seconds) to get the dust level in terms of counts 
per minute (cpm). 


(a) Inside of the greenhouse (b) Setup of the equipments 


1.0m indoor plastic greenhouse for tunnel dusting simulation 


Plastic 
curtain 


Agricultural green house 
of 


a: Video Dust Meter b : LD-5R 
c: dust generator d : Household air purifier 


(c) Plan view of the greenhouse 


Figure 5. Plan view of indoor plastic greenhouse for tunnel dusting simulation. 


According to the result by the digital dust indicator in Figure 10, the dust generator was 
triggered at five minutes in elapsed time and the dust level reached a peak at 10 minutes and 
then gradually decreased. The VDM results also show similar curves to that of the digital dust 
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indicator. However, there are quantitatively large differences in terms of particle numbers 
between Cases A and C and Case B. For example, Cases A and C measured about 100 cpm at 
peak whereas Case B measured only 20 cpm. This discrepancy may be due to low image con- 
trast in Case B because this case did not apply background subtraction process. We can con- 
clude that the process of background subtraction is essential to obtain clear and high-contrast 
particle images. However, it is to be noted that background subtraction is based on an 
assumption that background is constant during the measurement. Unstable background due 
to camera swings or brightness changes may have clearly adverse effect on detection perform- 
ance. From this viewpoint, Case C is superior to Case A because machine learning process 
may suppress the negative effect due to unstable background. 

Figure 7 shows the correlation between the measurement results by the VDM and 
the digital dust indicator. It is confirmed that the results of the VDM have good cor- 
relations with the digital dust indicator. This implies that the VDM can evaluate the 
dust level by the digital dust indicator with good accuracy. The slope of the linear cor- 
relation may be attributed to the difference of evaluation air volume of the VDM and 
the digital dust indicator. 
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Figure 6. Temporal change in air dust counts in the greenhouse experiment. 
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Figure 7. Correlation chart between digital dust indicator measurements and number of dust particles 
detected. 
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5 CONCLUSIONS 


In this study, we conducted measurements in Indoor plastic greenhouse for tunnel dusting 
simulation in order to compare and investigate the usefulness of the dust concentration meas- 
urement system. Therefore, we simultaneously photographed the dust and measured the dust 
concentration at the time of dust dispersal. Then, the correlation between the number of dust 
particles detected and the dust concentration was examined. First, it was possible to photo- 
graph dust particles in moving images without the use of dark screens or other backgrounds. 
In addition, three cases of calculation algorithms for estimating dust concentration in real 
time from moving images were considered. All cases were synchronous with changes over time 
in the CPM values measured by the digital dust indicator. And a high correlation was 
obtained between them. 

In this experiment, a correlation was obtained between the number of dust detections and 
dust concentration, in order to use the system at tunnel construction sites, actual measure- 
ments must be taken. In the future, we would like to develop this system by photographing 
dust and measuring dust concentration at tunnel construction sites. 
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ABSTRACT: The rapid development of information technology in recent decades means that 
the digitalization world has experienced an explosion in the magnitude of data being captured 
and recorded in various industry fields. The most fundamental challenge for Big Data (BD) 
applications is to explore large volumes of data and extract useful information and develop 
techniques that automatically discover new, hidden, or unsuspected data from the large text col- 
lection. Although the advances in computer systems and internet technologies have witnessed 
the development of computing hardware following Moore’s law for several decades, the prob- 
lems of handling large-scale data still exist when we are entering the age of BD. In addition, 
some existing and emerging concepts like cloud computing, data mining, machine learning, the 
internet of things, smart grids, and automation will continue to drive and even accelerate the 
growth of data. Storing, managing, and analyzing such a huge amount of data can’t be simply 
done by using traditional databases and techniques. Instead, it requires a new class of advanced 
technologies. Under such a circumstance, BD management has recently emerged to address this 
deficiency. The traditional tunneling industry is also experiencing an increase in data generation 
and storage. BD will change the way of gathering geological data, methods of rock classifica- 
tion, application of design analyses in the field of tunneling as well as tunnel construction and 
maintenance processes. BD, data mining had to be introduced with the most relevant tech- 
niques to analyze data related to tunneling operations. The concept of machine-generated data 
was also necessary for the further parts, as log files and reports from tunneling equipment are 
used in the data analyses. The paper briefly described the current situation of the tunneling 
industry, focusing on its challenges, and also mentioning some of its other unique attributes. 


1 INTRODUCTION 


Since the digital era began and the internet began to be used extensively in the early 1950s, it 
has produced tremendous amounts of data transactions. Even long before the internet era of 
things a few decades, earlier several studies had discussed the data of the washouse, Big Data 
(BD) and data mining. Most fundamental challenge for the BD applications is to explore the 
large volumes of data and extract useful information and to develop techniques that automat- 
ically discover new, hidden or unsuspected data from the large text collection. The nature of 
user’s interest can be changed dynamically which reflects to the demand of services. 

BD generates variety of data includes both structured and unstructured data. While, struc- 
tured data include numbers, words, letters and alpha numeric that can be easily categorized 
and analyzed. Whereas unstructured data include more complex information, such as multi- 
media information consists of image, audio and video file. These data cannot easily be 
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separated into categories or analyzed numerically. However, explicit reference must be made 
to two important prerequisites: 


> Prior to processing data with BD techniques, the source of the data must be verified and 
data pre-processing must be done (raw data must be cleaned from inaccurate or irrelevant 
parts of the dataset), 

> Ethical use by all involved parties is imperative to build the necessary confidence that is 
required to make the most out of this technology. 


Xindong et al. (2013) proposes a HACE theorem that characterizes the features of the BD 
revolution, and processing model, from the data mining perspective. This data-driven model 
involves demand-driven aggregation of information sources, mining and analysis, user interest 
modeling, and security and privacy considerations. It analyzes the challenging issues in the 
data-driven model and also in the BD revolution. Castro and Pushpalakshmi (2017) enhan- 
cesa security and privacy in mobile data centers is challengeable with efficient security key 
management. The proper security standards of algorithms can be activated using quantum 
cryptographic key management scheme and which has been interfaced with the data node. 
Each type of data has been further classified to provide adequate security and enhance the 
overhead of the security system. Bhagyshri and Gaikwad (2017) suggests the concept of pat- 
tern based filtering in which it automatically discovers new, hidden or unsuspected data from 
the large text collection. The propose model consist of topic distribution describing topic pref- 
erence of each collection of document and Pattern-based topic representation. Goswami and 
Madan (2017) illustrates security and privacy is the important concerns with data. However, 
there exists incongruity between the BD security and privacy and the extensive use of BD. 
These insights on overview of BD, associated challenges, privacy and security concerns and 
differentiates between privacy & security requirements in BD. Ptiček and Vrdoljak (2017) pro- 
vides an overview on research and attempts to incorporate map reduce with data warehouse 
in order to empower it for handling of BD. BD analytics has become a very active research 
area in the last few years, as well as the research of underlying data organization that would 
enhance it, which could be addressed as BD warehousing. Research direction is enhancing 
data warehouse with new paradigms that have proven to be successful at handling BD using 
map reduce paradigm. Sushmita et al. (2017) focused on BD refers to datasets high in variety 
and velocity, so that difficult to handle using traditional tools and techniques. The process of 
research into massive data to reveal secret correlations named as BD analytics. BD is a data 
whose complexity requires new techniques, algorithms, and analytics to manage it and extract 
value and hidden knowledge from it. Hadoop as the core platform for structuring BD, and 
solves the problem of making it useful for analytics purposes. Begam et al. (2017) improves on 
potential fortune of non-traditional data got from various sources, for instance, web based 
systems administration, messages, online diagrams, web based shopping that can be borrowed 
for accommodating data. With the decreasing in the cost of capacity limit and figuring, it has 
wound up workable for dares to use this data to benefit. This leads learning into the boundless 
perspective of BD. Surana et al. (2017) propounds privacy and security concerns and privacy 
in BD is divided into three stages -data generation, data storage and data processing. It covers 
some traditional methods adopted for privacy in BD, the challenges faced by these techniques. 
The goal is to study the recent techniques adopted for privacy and draw their comparison in 
order to declare the most efficient technique among all of them. Ravichandran et al. (2017) 
describes a formal definition of BD and look into its industrial applications. Further, under- 
stands how traditional mechanisms prove inadequate for data processing due to the sheer 
volume, velocity and variety of BD. We will then look into the Hadoop Architecture and its 
underlying functionalities. This will include delineations on the HDFS and Map Reduce 
Framework. Chalapathi and Kumar (2017) enhances the massive volume of BD sets are too 
complicated to be managed and processed by conventional relational databases the term 
“BD” was coined to address this massive volume of data storage and processing. The quality 
of captured data can vary greatly, affecting accurate analysis. Protecting privacy is mechanism 
for data processing and producing right information to favor corporate sectors, business man- 
agers, stakeholders and other users make highly informed business decisions. 
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2 COMPONENTS OF BIG DATA 


Big data features are generally construe by 5Vs namely Volume, velocity, variety, veracity and 
value (see Figure 1). 


Velocity 


Figure 1. Big data components. 


2.1 Volume 


Refers to the amount of all types of data generated from different sources and continues to 
expand. The benefit of gathering large amounts of data includes the creation of hidden infor- 
mation and patterns through data analysis. Laurila et al. (2012) provided a unique collection 
of longitudinal data from smart mobile devices and made this collection available to the 
research community. Collecting longitudinal data requires considerable effort and underlying 
investments. Nevertheless, such mobile data challenge produced an interesting result similar 
to that in the examination of the predictability of human behavior patterns or means to share 
data based on human mobility and visualization techniques for complex data. 


2.2 Velocity 


Refers to the speed of data transfer. The contents of data constantly change because of the 
absorption of complementary data collections, introduction of previously archived data or 
legacy collections, and streamed data arriving from multiple sources (Berman, 2013). 


2.3 Variety 


Refers to the different types of data collected via sensors, smart phones, or social networks. 
Such data types include video, image, text, audio, and data logs, in either structured or 
unstructured format. Most of the data generated from mobile applications are in unstructured 
format. For example, text messages, online games, blogs, and social media generate different 
types of unstructured data through mobile devices and sensors. Internet users also generate an 
extremely diverse set of structured and unstructured data (O’Leary, 2013). 


2.4 Value 


Is the most important aspect of big data; it refers to the process of discovering huge hidden 
values from large datasets with various types and rapid generation (Chen et al. 2014). 
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2.5 Veracity 


Veracity refers to cleanliness or trustworthiness of data. Many of the data lacks quality and accur- 
acy. For example twitter posts with hash tags, abbreviations and so on. In addition to the increas- 
ing velocities and varieties of data, data flows can be highly inconsistent with periodic peaks. 


3 ANALYZING BIG DATA IN TUNNELING 


There are different techniques to work with big data. Analysts can run queries on data sets and get 
exact answers for specific questions, or they can use statistical methods to get the required infor- 
mation. Machine learning is a subfield of computer science, closely related to computational statis- 
tics; it applies algorithms on masses of data to learn from them and make decisions and 
predictions. One of its most acknowledged features is the ability to improve the outcomes with an 
increase of inputs: instead of following rigid mathematical functions, it builds models, search for 
similarities, trends. As it was mentioned with big data, machine learning techniques do not unveil 
the reasons for an event or happening but with the massive amount of data they can build models 
on correlations that can be used to calculate the results (Alpaydin, 2010). 

Data mining is a component of machine learning. It is defined as “the analysis of (often 
large) data sets to find unsuspected relationships and to summarize the data in novel ways 
that are both understandable and useful to the data owner” (Hand et al., 2001). These data 
sets can come from different sources; they can be structured or unstructured. To apply data 
mining techniques on them, they first have to be transformed to a logical, organized format 
before they could be used as input for the analyses (Reffat et al. 2004). 

This section is intended to summarize the digitalization trends of the past decades in under- 
ground engineering and provides an overview of the status and future visions of application of 
digital processes with focus on AI applications (Figure 2). Mechanization of drill and blast 
tunneling started in the 1980s, e.g. computer-controlled drilling. Such mechanized processes 
increased excavation performance and decreased costs considerably. 
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Figure 2. Evolution timeline for digitalization in tunneling (Marcher et al. 2020). 


There are several analysis techniques in data mining, based on the purpose of the research. 
They can be classified into two broad categories: supervised learning or unsupervised learning. 
The first one assumes labeled data, which means that each instance is labeled by a response 
variable, while in unsupervised learning, variables are not divided into response and predictor 
variables (van der Aalst, 2011). Some authors mention semi-supervised learning as well, but 
I only focus on the two original groups in the research. 


2928 


From 2020 onwards, the evolution timeline is based on visions. In a fully digitalized project 
organization several key technologies have to be considered in future as: 


% Machine Learning, 
% Advanced Building Information Modelling (BIM), 
“+ Augmented Reality (AR). 


The smart tunneling gathers data from diverse sources ET-IT-OT (Engineering Technol- 
ogy-Information Technology-Operation Technology) and combines into a single source of 
truth in one place, that can be then used by means of different applications. The key benefits 
of the smart tunneling are the maintenance efficiency, performance efficiency and energy effi- 
ciency. Figure 3 below illustrates the contents of smart tunneling and its tools. 
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Figure 3. Smart tunneling contents. 


Smart tunneling or tunneling 4.0 are not only modern slogans. They describe the use of 
machines that are remotely monitored as well as the integration of an entire intelligent system 
into a tunneling project. Machines will communicate with each other and with a central data 
processing unit. Networks of intelligent sensors and actuators as well as special software there- 
fore have to be used. 

Digitalization makes this process easier and less subjective in terms of interpretation. 
Recently, images obtained with laser beams, slit cameras or line-sensor cameras have been 
used for inspections. Non-destructive detection technologies have been introduced in order to 
automate inspection processes. Especially, vision-based automatic inspection techniques are 
used to detect surface damage. Automatic methods have been introduced to accurately recog- 
nize and distinguish various types of structural damage (Dong et al. 2019). 


3.1 Challenges and issues 


With very rapid data growth, research in the field of big data and data mining is still growing rap- 
idly too, those who struggling in big data will always find an increment of complexity from big data. 
Therefore, we conclude that the approach of data mining algorithms can still be improved. With the 
many problems that still exist now and issues that occur the possibility is still widely open. 


3.1.1 Challenges 
Efficient and effective data mining in large databases poses numerous requirements and great 
challenges to researchers and developers. The issues involved include data mining 
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methodology, user interaction, performance and scalability, and the processing of a large var- 
iety of data types. Other issues include the exploration of data mining applications and their 
social impacts. 


3.1.2 Issues 


> Information poorness, 
> Decision Making, 
> Data Entry. 


4 CONCLUSIONS 


Big data, data mining had to be introduced with the most relevant techniques to analyze data 
related to tunneling operations. The concept of machine-generated data was also necessary for 
the further parts, as log files and reports from mining equipment are used in the data analyses. 
Internet of Things, an emerging area, was also presented, with examples of its industrial 
applications. 

The benefit of digitalization in tunneling has to be seen as an improvement of operational 
processes, quality assurance and increase of safety for site personnel. Great potential is seen in 
unsupervised Machine Learning approaches, where the final classification is not imposed 
upon the data but learned from it. Finally, reinforcement learning seems to be trend-setting 
but has not been used for specific tunnel applications yet. 

To achieve this, the following considerations and requirements should be considered as 
follows: 


@ Using ML for the optimization of design and construction phases as well as automation 
and operational guidance in all kinds of operations and maintenance of tunnel projects, 

@ Collecting as much high quality data as possible: all data from sensors on TBMs as well as 
jumbos, drilling, rigs, excavators etc., scanning and photos from the tunnel face, all moni- 
toring data, 

@ Combined use of BIM and ML, 

@ Standardization of input selection process and data partitioning methods. 


REFERENCES 


Alpaydin, E. 2010. Introduction to Machine Learning (2nd Edition ed.). Cambridge, MA, USA: The MIT 
Press. 

Begam, N., Sandhya, Er. & Raina, C.K. 2017. Big Data Challenges and Techniques, International Jour- 
nal of Engineering Science and Computing (IJESC), Volume 7, issue No: 4. 

Berman, J.J. 2013. Introduction, in: Principles of Big Data, Morgan Kaufmann, Boston. 

Bhagyshri, A. & Gaikwad, V.T. 2017. Pattern Based Filtering Approach for Big Data Application, L/S R- 
SET, 1732160. 

Castro, S. & Pushpalakshmi, R. 2017. A Survey on Big Data Security and Related Techniques to 
Improve Security, Asian Journal of Applied Science and Technology (AJAST), Volume 1, Issue 5. 

Chen, M., Mao, S. & Liu, Y. 2014. Big data: a survey, Mob. Netw. Appl. 19 (2), 1-39. 

Dong, Y., Wang, j., Wang, Z., Zhang, X., Gao, Y., Sui, Q. & Jiang, P. 2019. A Deep-Learning Based 
Multiple Defect Detection Method for Tunnel Lining Damages, IEEE Access, https://doi.org/10.1109/ 
ACCESS.2019.2931074. 

Goswami, P. & Madan, S. 2017. A Survey on Big Data & Privacy Preserving Publishing Techniques, 
Advances in Computational Sciences and Technology, ISSN 0973-6107, Volume 10, Number 3. 

Grove, A.T. 1980. Geomorphic evolution of the Sahara and the Nile. In M.A.J. Williams & H. Faure 
(eds), The Sahara and the Nile: 21-35. Rotterdam: Balkema. 

Hand, D., Mannila, H. & Smyth, P. 2001. Principles of Data Mining. Cambridge, MA, USA: The MIT 
Press. 

Laurila, J.K., Gatica-Perez, D., Aad, I., Blom, J., Bornet, O., Do, T.M.T., Dousse, O., Eberle, J. & 
Miettinen, M. 2012. The mobile data challenge: Big data for mobile computing research, Workshop 


2930 


on the Nokia Mobile Data Challenge, in: Proceedings of the Conjunction with the 10th International 
Conference on Pervasive Computing, pp. 1-8. 

Marcher, T., Erharter, G.H. & Winkler, M. 2020. Machine Learning in tunnelling — Capabilities and 
challenges. Geomechanics and Tunnelling, 13, No. 2. 

O'Leary, D.E. 2013. Artificial intelligence and big data, IEEE Intell. Syst. 28, 96-99. 

Pticek, P. & Vrdoljak, B. 2017. MapReduce Research on Warehousing of Big Data. MIPRO. 

Rao M.C. & Kumar, A.K. 2017. Challenges arise of Privacy Preserving Big Data Mining Techniques, 
International Research Journal of Engineering and Technology, Volume: 04 Issue: 05 e-ISSN: 
2395-0056. 

Ravichandran, G. 2017. Big Data Processing with Hadoop: A Review, International Research Journal of 
Engineering and Technology, Volume: 04, Issue: 02. 

Reffat, R.M., Gero, J.S. & Peng, W. 2004. Using data mining on building maintenance during the build- 
ing life cycle. 38th Australian & New Zealand Architectural Science Association. Hobart: University of 
Tasmania. 

Surana, J., Khandelwal, A., Kothari, A., Solanki, H. & Sankhla, M. 2017. Big Data Privacy Methods, 
International Journal of Engineering Development and Research IJEDR, 1702165. 

Sushmita, K., Simranjeet, K. & Simranjot, K. 2017. A Review paper on BIG Data, International Journal 
of Scientific Research in Computer Science, Engineering and Information Technology (IJSRCSEIT), 
Volume 2, Issue 3, ISSN: 2456-3307. 

Xindong, Wu., Xingquan, Zhu., Gong-Qing, Wu. & Wei, D. 2013. Data Mining with Big Data, IEEE 
transactions on knowledge and data engineering. 1041-4347/13. 


2931 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


BIM Implementation in a major tunnel rehabilitation 


T. Vovou, H. Bosques-Mendez & V. Nasri 
AECOM, New York, NY, USA 


ABSTRACT: The purpose of this paper is to present the application of the Building Infor- 
mation Modeling (BIM) methodology in the rehabilitation of a 100-year-old tunnel for the 
Réseau Express Métropolitain (REM) project in Montréal, Canada. Rehabilitation consisted 
of repairing the interior structure, adding a fire-rated wall to comply with modern standards, 
optimizing the track alignment, and redesigning the drainage, ventilation and electrical sys- 
tems. Niches were excavated in the side walls of the tunnel for telecommunication needs and 
local enlargement of the roof was required for the installation of jet fans. Due to the complex- 
ity of the design, developing an accurate representation of the structure was very important. 
3D laser scanning played an important role in providing measurements of the interior struc- 
ture and current condition. Grasshopper and Rhino scripts were also incorporated to the 
workflow to accurately model the repetitive structural elements along the tunnel to match 
with survey points, elevations and required clearances. Extensive clash detection analysis was 
performed in Navisworks to identify clashes between the new train envelopes and the existing 
tunnel wall, as well as between the train envelopes and new center wall walkway. The intent of 
this exercise was to accurately identify clash zones and identify areas along the tunnel where 
additional excavation in the existing side walls would be optimized so that both the train can 
safely pass through the tunnel and the excavation is cost-efficient. The paper also describes 
the challenges and limitations that were identified, mostly related to the interoperability, 
exporting processes, processing times due to the large size of the files, and software glitches. 
Overall, the creation of a dynamic model was significantly beneficial, especially during the 
construction phase, as it was updated to reflect the actual conditions, thus giving the oppor- 
tunity to the designers to further optimize the design as needed. 


1 INTRODUCTION 


The application of Building Information Modeling (BIM) in tunneling projects is nowadays 
encouraged because it offers the opportunity to improve design quality, construction schedule 
and budget by easily implementing many operations. The nature of design-build projects 
necessitates the use of a smart system that can handle a high volume of data in an efficient 
way. This paper gives an overview of the modeling tools in BIM environment that were used 
for the rehabilitation of the existing Mont-Royal Tunnel as part of the Réseau Express Métro- 
politain (REM) project in Canada. The BIM concept has been efficiently applied to create 
a modeling framework that interlinks structural, geotechnical, and electromechanical systems 
components with as-built data. The modeling effort presented herein includes the implementa- 
tion of various tools, such as 3D laser scanning technology, to integrate the existing tunnel 
structure in the BIM model, as well as the clash detection tests that were required to resolve 
issues that were identified during the design and construction phases. Overall, BIM applica- 
tion proved to be extremely successful, and it helped to overcome major challenges through- 
out the project lifecycle. 
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1.1 Mont-Royal tunnel 


Réseau Express Métropolitain (REM) is a new light rail transit system in Montreal, 
Canada (Vovou, T. et al, 2020). The system has an overall length of 67km and consists 
of 26 stations (both at-grade and underground); it will connect downtown Montreal to 
several Montreal suburbs (South Shore, West Island, North Shore) and the airport. In 
the downtown area, two new underground stations will be built around the existing 100- 
year-old Mont-Royal tunnel. To accommodate and meet the Owner’s requirements, 
comply with the latest codes and standards, and maintain the structural integrity of the 
tunnel, a new tunnel alignment and major structural repairs are needed, along with the 
complete replacement of the electromechanical systems. 

Mont-Royal tunnel is an approximately 5km long tunnel that was built using six different 
support systems, including a double-arch concrete system, combination of concrete, steel and 
rock reinforcement, and no support (unlined tunnel). The track structure is characterized by 
the presence of a 440mm thick layer of ballast that sits over the bedrock. The tunnel is running 
under the Mont-Royal Mountain with a constant slope of 0.6%. Figure 1 illustrates the as- 
built cross-sections of the tunnel that were provided during the design phase. These can be 
grouped into three typical sections as follows (Figure 2): 


e South section (502 m) with concrete double arch sitting on the rock or on concrete walls 
e Central section (4,338 m) with single arch, 85% of which is partially lined and 14% unlined 
e North section (220 m) with reinforced concrete double arch 
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Figure 1. As-built cross-sections of Mont-Royal tunnel. 


Certain design requirements from various authorities necessitated the addition of a concrete 
center wall that will be built along the tunnel and will separate the two tracks. The objective 
was to divide the existing tunnel into two distinct tunnels for ventilation and user evacuation 
purposes. For this purpose, the complete re-design of the interior structure, tunnel ventilation 
system, track and drainage systems, while maintaining the structural integrity of the existing 
tunnel, was necessary. This modification resulted in a new structural design for the center wall 
and its foundation, local enlargement for the placement of jet fans since the ventilation design 
had to adapt to comply with the National Fire Protection Association (NFPA) 130 Standard 
for Fixed Guideway Transit and Passenger Rail Systems, and the Contract requirements, 
local enlargement for niches to place telecommunication equipment, optimized tunnel align- 
ment, and structural repairs along the entire tunnel for the anchorage of the new electromech- 
anical systems and maintenance of the tunnel. Figure 3 shows the local niches required for 
WiFi (left) and jet fans (right) with the excavation shown in red and the shotcrete in blue. 
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Figure 2. Mont-Royal tunnel typical sections. 


Due to the complexity of the design, developing an accurate representation of the existing 
structure was crucial to the design advancement. The variability of the geometrical character- 
istics of the tunnel structure was the driving factor for determining the locations of the niches 
while minimizing the additional excavation needed. Furthermore, the evaluation of the condi- 
tion of the existing structure (concrete liner, exposed rock areas, ballast thickness, top of rock 
elevation) necessitated scheduling extensive site visits and all the information gathered was 
used to accurately modify the model. More information about the modelling process will be 
provided in the following sections. 


SHIN 
Figure 3. Local niches on the tunnel side walls to install telecommunication equipment (left); niche on 
the crown for the placement of jet fans (right). 


2 CREATING THE 3D MODEL 


Several technologies and tools were used during the design and development process of Mont- 
Royal Tunnel. These were Building Information Modeling (BIM), 3D laser scanning, Non- 
Uniform Rational B-spline (NURBS) modeling, clash detection, and computer-aided design. 
This section will provide an overview of the methodologies that were utilized to create the 3D 
model of the tunnel step by step. For the rehabilitation of Mont-Royal tunnel, 
a comprehensive and multidisciplinary BIM model allowed the engineering teams to easily 
coordinate, track the updated design changes and take the necessary actions for corrections 
and optimization of the design at any given time. 
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2.1 3D laser scanning 


The generation of as-built BIM starts with the collection of data through remote sensing tech- 
niques, such as Light Detection and Ranging (LiDAR) laser scanning. This technique is used to 
obtain the distance of each object from the lens. The laser system produces and emits a beam of 
electromagnetic radiation. When the light reflected by the surface of an object is received, the 
system can calculate the reflectivity of the surface. Laser scanning technology capabilities were 
explored to compare the as-built geometry with the design intent. 3D laser scanning served as 
the base model that was used to generate the drawings for construction and studies. 

The LiDAR model was provided in point clouds format. The first step in converting the 
Point Clouds into a complete BIM model is the extraction of the structure geometry, but due 
to the length of the tunnel (~5km) and the number of points, it was required to reduce the 
model size to be imported into Revit. After loading the points into the software, triangular 
meshes are created to generate surfaces that define the geometrical background information 
of the existing conditions that are needed for the development of design drawings. The scan 
had millions of points and was not sustainable for certain software and computers, therefore 
it was converted into a mesh and subdivided into zones. Due to the very large file size of the 
scan, a larger tolerance limit of 30mm was selected for the conversion of point clouds to mesh 
to create smooth curves and model the tunnel surface as realistic as possible. This higher toler- 
ance limit did not only reduce the model size, but it would also allow to turn on and off spe- 
cific areas in the tunnel. Figure 4 illustrates the point cloud data of the tunnel in virtual space 
and the converted mesh that was imported in Revit and linked with the native Revit model. 

Due to unfavorable conditions in practical applications, the accuracy of the laser scanning is 
lower than the typical ranges shown in the instruments’ specifications sheets. A tunneling envir- 
onment is typically characterized by suspended dust particles, dust, very low reflectivity of the 
object surfaces (rock, old concrete, shotcrete, etc.), bright ambient conditions due to artificial 
lighting, and wet surfaces. Due to these circumstances, the resolution of the laser scanner usually 
decreases. There are also other external factors, such as the Survey Control Network (surveying 
monuments, project scale factor, etc.) which are significantly affecting the absolute accuracy. In 
Mont-Royal tunnel, a methodology was implemented to reach the maximum absolute accuracy 
while keeping a high relative accuracy and precision. The target was to have a 3D position accur- 
acy of 10mm at 1 sigma (68% of all measurements have to be within a range of 10 mm). 


Figure 4. Mesh created by point clouds to visually represent the existing tunnel (left); integration of 
point cloud mesh to the BIM model (right). 


2.2 NURBS modeling 


As mentioned earlier, the structural rehabilitation works included the design of a center wall 
with its foundation and a walkway on each side of the wall complying with NFPA 130. 
Although this might seem relatively easy in terms of modeling, the process was quite time con- 
suming since extensive coordination was needed to ensure that the modeling of track systems 
was completed first, since the wall would be aligned with the tunnel alignment and the track 
elevation. Modeling of the existing rock profile was also crucial to identify if excavation below 
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the new track system would be needed based on the minimum required clearances defined in 
the new design. 

Because of the nature of the curves, slopes, and irregularities in the concrete and rock sur- 
faces of the tunnel, Non-Uniform Rational B-Splines (NURBS) geometries would be more 
accurate and would facilitate the 3D modeling process. NURBS are mathematical representa- 
tions defined by degree, control points, knots, and an evaluation rule. Degrees give the shape 
to the curve, knots and control points adjust the shape of the curve or surface, and the evalu- 
ation rule is the formula that involves these three. In other words, a set of rational polynomial 
equations are combined in a way that creates a freeform geometry that is very helpful when 
the surface that needs to be defined needs a high degree of accuracy. This was the preferred 
methodology to model the existing tunnel compared to Revit that has some constraints when 
it comes to sloped and curved levels. With this approach, the model size, as well as the accur- 
acy and flexibility of the model were optimized. The data contained in the model are mathem- 
atical points, and as a result the file size is smaller. 

The track and top of rock elevations and train envelope clearance information were pro- 
vided in Civil 3D DWG format. Autodesk Civil 3D was the preferred software for plans and 
deliverables as it allows you to create track alignment and profile and create 3D BIM models 
directly. This information was imported into Rhino, which is a 3D modeling software based 
on NURBS, and using the linework provided the relevant surfaces were generated. After the 
survey information was modeled in 3D it was imported to Autodesk Revit as families and 
used for the creation of the 2D drawings. Figure 5 illustrates the multidisciplinary BIM model 
created for the tunnel linking track systems, interior structure with walkway and NFPA 130 
required clearance. 

Overall, the combination of the above-mentioned software was successful in attaining effi- 
cient and streamlined workflows across multiple platforms and engineering teams. 


Figure 5. Multidisciplinary BIM model of Mont-Royal tunnel. 


During the design phase, it became clear that the structural integrity of the tunnel would be 
compromised by the introduction of new electromechanical elements that needed to be 
anchored on to the roof and walls. Therefore, the need for structural repairs along the tunnel 
was introduced, and the addition of shotcrete to the tunnel walls to attach electrical conduits 
was required. A similar NURBS approach was used to generate the model. The tunnel mesh 
was brought back to Rhino and the specific area where the various electrical conduits were to 
be attached was identified and extruded with a Grasshopper code that would generate the sur- 
faces into a solid. Grasshopper is a parametric modelling tool and visual programming inter- 
face that is a plugin for Rhino. It uses a concept knows as “History”, in which the software 
remembers how the model was created and what commands and inputs were used, so the 
designer can make changes to earlier steps in the design process. Furthermore, it can manipu- 
late different components onto a canvas to create a 3D geometry. In our case, the Grasshop- 
per code would perform the following sequence: 
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Cut the specific area in the tunnel where the application of shotcrete was needed 
Convert the mesh surface into NURBS 

Offset the NURBS surfaces at a given distance 

Create additional surfaces at the top and bottom to create a solid shape 

Join the edges of all four sides 


Qi oo 


These surfaces would be brought back to Revit for the design study. 


2.3 Challenges and limitations 


The challenges associated with BIM implementation are typically associated with software or 
hardware issues. In this case, different software was used between the engineering teams. Most 
software applications store information in their native format; however, they are all compat- 
ible with imports, exports, and conversions. With the complexity of the project and the 
amount of diversified software applications utilized, the designers most certainly experienced 
challenges in resolving interoperability issues. As the project was migrated to Revit 2021 it 
was easier to convert and continue importing different formats, as new plug-ins facilitate these 
processes. It is also very important to mention that by keeping the units uniform along the 
files and using the shared coordinates, model inaccuracies were avoided. 

Depending on the size and the complexity of the structure that is being modeled, processing 
times may be very challenging. One drawback of the process of creating the model from laser 
scanning data is that most of this work must be done manually, which requires a great deal of 
additional time and resources to complete it in a timely manner. As the model size keeps grow- 
ing it is necessary to always maintain the model health, model size, and a clean cache folder. 
Having a comprehensive understanding about the technology and expertise needed to effi- 
ciently handle all the technical challenges associated with the modelling effort can help design- 
ers to define a framework that will ultimately benefit the project. 


3 CLASH DETECTION 


Clash detection exercises help to detect conflicts between various design elements within the 
BIM model during the design and construction phases. By using clash detection applications in 
a 3D environment, potential problems are identified very early in the design phase, and clashes 
between elements can be easily viewed and resolved in a platform where all models are linked. 


3.1 Tunnel alignment and rehabilitation design 


In order to come up with a cost-effective and feasible design for the tunnel alignment of Mont- 
Royal, several alternatives had to be developed and checked against the existing tunnel structure. 
The length of the tunnel in combination with the very large size of scanned data, which caused 
significant delays in the modelling effort, were not good indicators of a quick turnaround. 
Navisworks and the I in BIM (Information) were key in this process. Navisworks is a 3D 
design review product from Autodesk that is used for coordination, clash detection, project 
scheduling and quantity take-offs. Because of the number of individual elements and the size 
of the file, models had to be created by categories: structural foundation and walkway, tunnel, 
and other structural elements. The categories were placed in three different models. Navis- 
works was used to merge all three into one and to be able to visualize all components in one 
single view with easy navigation and accurate measuring. In order to streamline the process of 
identifying the impact and issues of the alternative alignment files, the design team created 
a 3D model of the proposed train envelopes, as an extrusion of the profile, and ran clash 
detection tests to quickly assess any potential issues. All built 3D geometries are compared 
directly to “as-built” conditions within 1mm of tolerance. Long sections were created to meas- 
ure clashes with the tunnel walls, to identify clashes between the train envelope and the walk- 
way, and to identify clashes between the concrete center wall and the walkway. This was part 
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of the design process and allowed identifying clashes and fixing them before they would affect 
other disciplines. Each component has its element ID, and when a clash was identified, Navis- 
works would give the ID and the element could be easily found in Revit for a redesign. 

These clashes are then categorized by the construction and design impact to gauge the 
amount of effort required to address identified issues. Provided geometries are further devel- 
oped to identify volumes to provide quantity take-offs. The Navisworks model was set up so 
it would be linked to the latest Revit models and would update every time the file was saved 
or synchronized. Figure 6 illustrates the results of the clash detection tests between the 
extruded train envelopes and the existing tunnel structure. The new tunnel alignment evalu- 
ation determined that slight shaving of the existing concrete liner on the tunnel walls was 
required at certain locations to accommodate the train envelope. 

As a next step, and after evaluating the clash categories that are of engineering significance, 
we utilized a tool to measure locally within the tunnel model and identify the extent of the 
shaving required, which in this case was minimal (Figure 7). Therefore, no further support 
measures, such as extensive rock bolting, were required. Only shotcrete would be used locally 
and as needed, as the amount of shaving did not jeopardize the structural integrity of the 
tunnel. Overall, being able to identify the extent of additional excavation needed helped the 
estimators to provide a preliminary cost for the excavation and repair works that is very 
useful for the contractors. 


Figure 6. Clash detection tests between train envelopes and existing tunnel structure and local measure- 
ment of impact. 
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Figure 7. Excavation zones identified from clash detection tests. 
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4 CONCLUSION 


The present paper outlines the ways in which a consistent and coordinated product for large- 
scale projects can be delivered in a timely manner with the help of Building Information Mod- 
eling (BIM). Design modification is a common feature of design-build projects. Therefore, 
working with a system that can quickly and efficiently adapt to a fast-paced environment can 
significantly reduce computation and production time, while ensuring that changes are applied 
as fast as possible. A multidisciplinary BIM model has been successfully used as 
a communication tool during the design and construction phases for the major rehabilitation 
of the 100-year-old Mont-Royal tunnel in Montreal, Canada. 

Various technologies such as 3D laser scanning were utilized to create the existing structure 
and to incorporate the new design with the as-built information. Due to the size of the tunnel 
(5km long) the data volume that had to be imported in the model was huge, and as a result 
very hard to analyze it. The project team had to come up with efficient ways to collect, group 
and monitor all the information that needed to be imported in the model. Furthermore, clash 
detection services enabled the team to create a detailed and error free BIM model and perform 
constructability review and design validation before extraction of shop drawings. Experience 
gained indicates that BIM is an appropriate tool to handle the numerous deliverables associ- 
ated with fast-paced projects, and it should be considered to help manage the workflows 
throughout the project lifecycle. 
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ABSTRACT: Alignment design in urban tunneling aims at selecting an optimal tunnel track 
satisfying various design specifications and safety constraints as well as considering the envir- 
onmental and socio-economic impact. In this work, an interactive tunnel track design tool is 
proposed, which enables finding optimized tunnel alignments by considering the impact of the 
tunnel advancement on existing infrastructure as a design criterion. An advanced numerical 
simulation model based on the Finite Cell Method (FCM) is utilized to predict the damage to 
existing buildings, during the tunneling process. To enable interactive applications in real- 
time, the FCM simulation model is substituted by a model reduction technique based on 
Proper Orthogonal Decomposition and Radial Basis Functions (POD-RBF). The fitness func- 
tion to be minimized in the optimization problem is the maximum principal strains in all exist- 
ing buildings. The Particle Swarm Optimization (PSO) algorithm is used to solve the 
minimization task. Finally, the alignment optimization is demonstrated in a real-time manner 
within a software environment. In each optimization step, the current optimum tunnel align- 
ment and the associated risks of damage to all existing buildings are visualized in the devel- 
oped software package. The proposed and developed strategy can be used to improve the 
tunnel alignment decision-making as well as can be extended by incorporating multi-objective 
functions for the optimization of tunnel alignment design. 


1 INTRODUCTION 


The choice of an optimal tunnel alignment in urban tunnel projects is a complex task, in which 
a number of constraints and design criteria need to be fulfilled simultaneously. One of the 
design criteria is to minimize the risk of damage to sensitive existing buildings and existing infra- 
structure. The assessment of the potential damage for a large number of design variants is 
highly demanding and often involves highly simplified models in this initial stage of a project. 
Currently, in case more realistic computational models are used, a new finite element model 
needs to be generated for each of the investigated variants, connected with an enormous effort 
in manpower. Classical finite element methods based on boundary-fitted discretization are com- 
monly used to simulate the soil-structure interactions during mechanized tunneling processes 
(Alsahly et al., 2016; Marwan et al., 2021). However, situations involving complicated geom- 
etries such as curved tunnel alignments require a lot of manual work and effort in order to gen- 
erate the numerical mesh for the simulation (Alsahly et al., 2016). 
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Recently, to efficiently establish numerical models in such situations, and to enable 
a seamless transition from BIM models to computational models, an advanced tunnel simula- 
tion model based on the Finite Cell Method (FCM) (Elhaddad et al., 2017) has been devel- 
oped in (Bui et al., 2022). One of the distinctive features of the FCM is to allow for 
independent meshing of structural components, i.e. the ground, the lining, and the TBM. This 
leads to a simplification of the mesh generation procedure due to the possibility of structured 
meshing for individual components. This technique enables directly incorporating information 
on soil layers, and existing underground as well as surface infrastructure generated in BIM 
models into the computational model, without the need for generating a new finite element 
mesh for each design variant. 

Generally, a possible application of the FCM technology is to efficiently investigate differ- 
ent tunnel alignments with respect to surface settlements and associated risks of damage to 
existing buildings induced by the tunneling process in urban areas. Using directly the FCM 
model in the context of tunnel track design to find a reasonable alignment satisfying all engin- 
eering criteria is not preferable since each simulation can require many hours. 

Following the vision of an interactive tool allowing to investigate different alignments in 
real-time on a laptop or a tablet, or even to find an optimal track design considering pre- 
scribed constraints, requires efficient machine learning techniques to generate a faster surro- 
gate model substituting the FCM model such that the computation time can be reduced by 
orders of magnitude, while the prediction capability is still maintained. Artificial neural net- 
works (ANN) (Freitag et al., 2018; Cao et al., 2020) and Proper Orthogonal Decomposition 
(POD) (Ostrowski et al., 2008) are machine learning techniques that are successfully adopted 
as surrogate models in a wide range of application fields. In mechanized tunneling, the POD 
has been combined with Radial Basis Functions (POD-RBF) as surrogate models for the pre- 
diction ranging from hundreds of settlement points (Cao et al., 2016) to thousands of tunnel 
lining displacements and structural forces (Zendaki et al., 2022). 

In this paper, considering the minimization of damage to existing buildings as a criterion, 
a tool denoted as TunAID is proposed, which allows to interactively determine (in real-time) 
optimized tunnel alignments resulting in minimal settlement-induced damage within 
a predefined section of a tunnel project. The maximum principal strain is used as a damage 
criterion for concrete structures. However, it should be noted that different damage criteria 
could be used for different types of structures i.e. masonary or wood structures. The predic- 
tion model employed within the optimization process is a surrogate model based on the POD- 
RBF method, which can quickly predict maximum principal strains in all buildings during the 
tunneling process. The surrogate model and the optimization strategy based on the Particle 
Swarm Optimization (PSO) (Shi and Eberhart, 1998) are integrated into the interactive tunnel 
alignment design software TunAID as a simulation-based assistant tool to support the 
decision-making in the early stages of urban tunnel projects. Using this tool, the tunneling- 
induced building damage risks can be visualized immediately with respect to each tunnel align- 
ment not only in each iteration of the optimization process, but also corresponding to the 
manual user-defined interactive adjustment of the alignment. 


2 COMPUTATIONAL SCHEME FOR TUNNEL ALIGNMENT OPTIMIZATION 


A schematic illustration of the tunnel alignment optimization concept is presented in Figure 1. 
In the first step of the procedure, a number of possible tunnel alignments is generated. The 
process-oriented FCM model is then used to simulate the mechanized tunneling processes 
with various tunnel alignments. The coordinates of a set of points representing the tunnel 
alignment are regarded as the input parameters to perform each simulation. Afterwards, these 
coordinates of points together with the strains in buildings in all alignment scenarios are col- 
lected to construct the POD-RBF surrogate model. For the training and testing of the surro- 
gate model, tunnel alignments are kept as the inputs and building damage are considered as 
the outputs. In the last step, the PSO algorithm will search for the optimum alignment which 
can minimize the damage in all involved buildings. The components of the computational 
scheme will be described briefly in the following subsections. 
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Figure 1. Concept of the simulation-based real-time tunnel alignment design optimization. 
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Figure 2. (a) Design constraints for the width of tunnel alignments; (b) Design constraints for the depth 
of tunnel alignments; (c) Possible three-dimensional tunnel alignments. 


2.1 Design of experiments for tunnel alignments 


Following the predefined design requirements in a tunnel project and considering constraints 
with respect to tunnel serviceability, e.g. fixed positions of stations, and curvature constraints 
with respect to the design speed of the train, a tunnel alignment can have many possible shapes. 
In this work, the alignment is assumed to be represented by a set of control points following 
a cubic function to have a parametric representation, see Figure 2. It is worth mentioning that 
the proposed strategy is also valid for a general case, where a different function is used to repre- 
sent the alignment. Considering a three-dimensional design problem, the X coordinates of the 
control points are fixed, and only the Y and Z coordinates of the alignment are created using 
the Latin Hypercube sampling. Figure 2 illustrates the alignment design in 3D space with a 2D 
top view design in Figure 2(a) and a 2D side view design in Figure 2(b). A collection of possible 
tunnel alignments within a predefined section is visualized in Figure 2(c). These collected Y and 
Z coordinates of all alignments scenarios, which are regarded as inputs of the surrogate model, 
are then sent to the FCM model to execute the simulations. 


2.2 Finite cell method 


Unlike boundary-fitted methods, FCM is an immersed boundary method where the discret- 
ization extends beyond the boundaries of the physical domain to the so-called fictitious domain. 
The boundary is resolved by penalizing the weights of the integration points that lie in the ficti- 
tious domain. The error stemming from this boundary resolution is reduced by adding more 
integration points in a tree-based integration point refinement scheme. FCM allows for the use 
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of one structured background mesh for all simulations, which removes the need to create 
a custom mesh for each track alignment in every simulation. This is particularly important for 
the generation of synthetic data where thousands of simulations are needed. The accuracy of the 
solution and the computational requirements of the simulation are enhanced by using adaptive 
mesh refinement (AMR). This automatically refines the structured background mesh around 
tunnel components and underground structures (Zendaki and Meschke, 2022). 


Figure 3. Components of the Finite Cell tunnel modeler. 


The soil domain is discretized using the structured background mesh, whereas the other 
tunnel components like grouting and lining are discretized with a boundary-fitted mesh and tied 
to the background mesh. The components of the FCM tunnel modeler are shown in Figure 3. 
Different soil layers are modeled using a boundary representation that completely cuts through 
the background mesh. The material properties are then assigned to integration points depending 
on their position with respect to each of the soil layers’ boundary representations. Face support 
pressure is modeled as a force and a prescribed pressure on the face of the excavation as well as 
outside of the shield to account for the transfer of pressure of the slurry around the TBM. The 
effect of the advancement speed of the TBM on the consolidation of the soil is also modeled. 
More details about the FCM in tunneling can be found in (Bui et al., 2022). 


2.3 Proper orthogonal decomposition and radial basis functions 


The collection of M snapshots of possible building damage with respect to tunnel alignments 
is arranged into a matrix S (N rows x M columns), where each column consists of N output 
values (maximum principal strains in all buildings) corresponding to a specific set of input 
parameters (coordinates of alignment points). The Proper Orthogonal Decomposition (POD) 
basis vectors ®, which characterize the matrix S, can be obtained by a Single Value Decom- 
position of S or by solving the eigenvalue problem of the sample covariance matrix 
C = S" - S. For the approximation of S, only K < M basis functions are kept instead of a full 
order of M dimensions. The resulting matrix consisting of the first K POD modes is denoted 
as truncated POD basis matrix ®. The original snapshots matrix S is approximated by 


S=@6.A, (1) 


where the truncated amplitude matrix, A, contains constant values associated with the given 
matrix S. As a result, only an approximation for snapshots, which were included in the ori- 
ginal high-dimensional snapshots, is possible. To obtain a rather continuous approximation, 
the matrix A is formulated as a nonlinear interpolation function of input parameters on which 
the system depends. Therefore, the truncated amplitude matrix A is expressed via interpol- 
ation functions F of input parameters and an unknown matrix of constant coefficient B as 


A=B.-F. (2) 


In this work, the inverse multi-quadric radial function, a type of Radial Basis Functions 
(RBF) (Hardy, 1990), has been selected as the interpolation function. Finally, an approxima- 
tion of damage in all buildings corresponding to an arbitrary alignment is obtained by 


S’=®.B-F*. (3) 


More details about the POD-RBF algorithm can be found in (Cao et al., 2016). 


2.4 Particle swarm optimization 


The Particle Swarm Optimization (PSO) method optimizes a problem by iteratively trying to 
improve a solution candidate (a particle) of a population (swarm) with respect to a given cri- 
terion. In the first step, a population with a number of possible particles is initialized ran- 
domly within the search space. The particles are then moved around the search space 
considering information of all other particles in the swarm and their own particle search his- 
tory to reach optima following the predefined criterion. The position and velocity of the par- 
ticles are updated continuously in each iteration of the search process. Considering two 
successive iterations ¢ and ¢+1, the position u, of the particle z is updated as 


u,(t+ 1) = u(t) +v,(¢4 1), (4) 


With v- representing the velocity of the particle z. The local best position of each particle 
among all past iterations is thus extracted and stored. In a similar way, the global best pos- 
ition of the whole population is also updated in each iteration following the best position 
found by all of the particles in the iteration. The movement of each particle is thus governed 
not only by its local best-known position but is also guided globally toward the best-known 
positions in the search space. Therefore, the velocity v, at the iteration ¢+1 is expressed as 


v(t + 1) =v.(t) + ca (l — u.(t))ri + &2(g — u- (t))r2, (5) 


where cı and c, are acceleration coefficients governing the magnitude of the moving step of 
the particle z towards the local best position I, and the global best position g of the swarm; rı 
and r are random numbers uniformly distributed in [0, 1] accounting for the stochastic influ- 
ence on the velocity update rule. The algorithm is repeated until a stopping criterion, e.g. 
a maximum number of iterations or a tolerated minimal value of the objective function, is 
met. The PSO is considered a global optimization algorithm since the search process guides 
the swarm to converge to the best solutions in the global search space. 


3 APPLICATION EXAMPLE 


This section is devoted to the application of the proposed approach in a scenario of design opti- 
mization for tunnel alignment in an urban area. A section of 400 x 300 meters inspired by the 
tunnel project Wehrhahn Line Metro in Diisseldorf, Germany is generated. The shield tunneling 
method is assumed to be used to construct a tunnel in soft, fully saturated soil with an excava- 
tion diameter of D = 9.5 meters, see Figure 4. The length of the computational model is 400 
meters, which represents 200 excavation steps of 2 meters length. The bottom surface of the 
model is fixed in both horizontal and vertical directions since it is assumed that deformations in 
deeper soil layers can be neglected. In this study, the geological condition is assumed to be made 
up of only one homogeneous soil layer of soft silty clay. Buildings located at the ground surface 
are modeled as 3D solid blocks with a homogeneous elastic surrogate stiffness of 2.1 MPa, see 
(Schindler and Mark, 2013), and the Poisson ratio is 0.3. It should be noted that also more 
detailed building models can be used if structural details are available. In addition, each building 
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should be assigned a stiffness value depending on the structural type, the material, and the 
usage status of the building. However, in this paper, the main focus is on the general applicabil- 
ity of real-time alignment optimization to minimize the risks of damage to existing buildings. 
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Figure 4. Computational model of a tunnel section with buildings. 


Figure 4(a) shows an overview of the computational model with 85 buildings at the top sur- 
face used in this application example. The design task is to find an optimum tunnel alignment 
that can minimize the total possible damage to all buildings. The damage assessment of the 
buildings is performed in a way similar to (Cao et al., 2022) by estimating the maximum prin- 
cipal tensile strain (£1, £1 > 0) in each building individually. A POD-RBF surrogate model, 
which considers the Y and Z coordinates of the alignment control points as the inputs as 
introduced in Section 2.1, is established to predict the maximum tensile strains in 85 buildings. 

A total number of 2000 three-dimensional tunnel alignments are simulated to generate the 
necessary data and the 10-fold cross validation is employed to evaluate the quality of the 
POD-RBF model. In this example, the 2000 samples are generated with a constraint such that 
in each alignment the Y coordinates of the control points are within the range from 50 to 250 
meters, i.e. Y = [50,250]. Additionally, the variation of the alignment Z coordinates is con- 
strained between 16 meters and 36 meters, i.e. the cover depth in the range of 1.2D to 
3.3D with D as the excavation diameter, to maintain the purpose of designing a shallow 
tunnel. Table 1 summarizes the mean L, norm errors of all validation cases in each fold of the 
10-fold cross validation for the prediction of maximum tensile strains in buildings as com- 
pared to the reference solutions from FCM simulations. With an average error of only 2.7% 
and similar prediction accuracy in all 10 folds, it is shown that the POD-RBF surrogate model 
can efficiently predict the maximum tensile strain in the buildings with respect to different 
tunnel alignment scenarios instead of using the FCM simulation model. 


Table 1. Prediction performance of the POD-RBF surrogate model: L> norm error (in [%]). 


10-fold cross validation 1 2 3 4 5 6 7 8 9 10 Avg. 


Building strain error % 5.2 2.3 2.2 1.7 4.9 1.9 2.3 2.2 1.9 2.0 2.7 


The POD-RBF is then used within the search process of the PSO optimization algorithm to 
find the optimum tunnel alignment. In this paper, to account for total damage in all buildings 
as the fitness function of the optimization, a simple criterion based on the sum of all absolute 
maximum strains in all buildings is defined. It should be noted, that also a weighting of the 
individual building damages would be possible, e.g. with respect to the building size or the 
importance of a building. The optimized alignment in the XY plane (top view design) is 
shown in Figure 5(a), which suggests that the alignment should follow the existing street and 
not cross under any buildings. To some extent, the suggestion agrees with the engineering 
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experience and guidelines when designing a tunnel alignment, which proves the reliability of 
the proposed approach. Similarly, to have less settlement and therefore to reduce the possible 
damage to buildings, a deeper tunnel is favorable, see Figure 5(b). 

Based on the proposed computational strategy, an interactive real-time simulation software is 
developed to support the decision-making of tunnel alignment selection during the design phase 
of a tunnel project. This software focuses on predicting in real-time the system responses resulting 
from TBM-soil interactions, i.e. the surface settlements and the associated risk of damage to build- 
ings, corresponding to an arbitrary tunnel alignment. Figure 6 shows screenshots of the developed 
software, named “TunAID” (Tunnel Alignment Interactive Design). In addition, the software can 
also suggest the optimized alignment following a predefined criterion as shown in the application 
example. In each optimization step, the current optimum tunnel alignment and the associated 
risks of damage to all existing buildings are visualized in the developed software package. 
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Figure 5. Optimization results (continuous red line) (a) The optimized tunnel alignment in top view 
design; (b) The optimized depth of the alignment. 
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Figure 6. Screenshots of TunAID software (Tunnel Alignment Interactive Design). (a) Tunnel align- 
ment underpassing several buildings, (b) Tunnel alignment following the street. 


4 CONCLUSION 


A simulation-based track design tool for urban tunneling projects denoted as TunAID has 
been presented, which allows to interactively determine (in real-time) optimized tunnel align- 
ments resulting in minimal settlement-induced damage within a predefined section of a tunnel 
project. For the analysis of soil-structure interactions a finite cell (FC) simulation model is 
employed, which, in contrast to standard finite element models, enables smooth integration of 
BIM models without the need for re-generating a separate finite element model for each of the 
investigated design variants. To enable a real-time performance of the track design tool, 
machine learning procedures (denoted as POD-RBF), based on synthetic data generated by 
the FCM model, have been applied to generate surrogate models to substitute the (time- 
consuming) FCM model. Predictions from the POD-RBF model show very good agreement 
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with the reference results obtained from the original FCM model, which qualifies the applica- 
tion for the optimization task to determine the optimal alignment. Considering the damage 
risks on buildings as a target to optimize the alignment, the suggested solution agrees with 
engineering interpretation and expectations which shows the promising capability for future 
applications of the proposed design tool. To assist engineers in decision-making, an interactive 
platform for tunnel alignment design in urban areas is developed, which can quickly provide 
the settlements and damage risks of buildings for different alignments. A current limitation of 
the proposed design tool is, that not all relevant criteria and boundary conditions are yet con- 
sidered. Future extensions will consider additional constraints, such as fixed locations of sta- 
tions, weighted importance of buildings, maximum track radii, and vertical inclinations, 
which will be included in the fitness function to optimize the tunnel alignment. 
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ABSTRACT: In recent years, the scientific community has developed increasingly innovative, 
automated, and non-invasive techniques to indirectly assess structural conditions. One of the main 
reasons is the challenge related to ageing infrastructures approaching the end of their service life. 
Several monitoring campaigns carried out with the use of non-destructive surveys such as Ground 
Penetrating Radar (GPR) have revealed the presence of anomalies in the lining thickness of many 
Italian tunnels. This study proposes an analysis of the state of stress of the concrete lining of 
tunnel sections with thickness anomalies which are subject to significant temperature fluctuations. 

The research related critical anomaly thickness values as a function of thermal fluctuations 
and loads on these areas of the lining. 

This can enable parametric management of tunnel management companies’ databases so 
that hazardous situations can be identified using artificial intelligence algorithms, making this 
type of method competitive in terms of time and cost. 


1 THE RESEARCH BACKGROUND AND THE ITALIAN CONTEXT 


In the framework of infrastructure safety, the topic of tunnels is deemed to be significant for the 
disastrous consequences that any accidents may cause and the related emotional impact on public 
opinion. Specifically, because of tragic accidents in the past decade, both national and European 
regulations have been made to ensure safety of road tunnels and for the assessment of the current 
structural state of the infrastructural heritage. Implementation of cost-effective maintenance plans 
that ensure a high degree of safety is possible through the development of automated systems 
(Chiaia et al., 2020, Rosso et al., 2021, Marasco, 2021, Chiaia et al., 2022). Therefore, the develop- 
ment of robust, reliable and timely structural health monitoring (SHM) programmers is particu- 
larly important for heavily used structures, such as bridges and underground structures (Davis 
et al., 2005, Bhalla et al., 2005, Chiaia, 2019, Dawood et al., 2020). In the case of tunnels, the 
number of structures approaching the end of their service life and thus particularly at risk is 
extremely high. Combining artificial intelligence techniques, such as deep convolutional neural net- 
works (CNNs), that make use of transfer learning processes with traditional non-destructive struc- 
tural inspection techniques has proven to be effective in many cases (Feng et al., 2019). With 
regards to the quality and quantity of data that can be obtained, Ground Penetrating Radar 
(GPR) stands out as one of the most relevant non-destructive methods. This technique overcomes 
the limitations of visual inspection, which only makes it possible to detect surface defects. 
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In August 2022 the Guidelines for ‘Risk classification and management, safety assessment 
and monitoring of existing tunnels along state roads or highways managed by Anas S.p.A. or 
highway concessionaires’ were approved in Italy. These refer to all existing tunnels, which are at 
least 200m long. The approach aims at pursuing a preventive conduct with respect to the emer- 
gence of potentially dangerous situations as well as planning the adoption of preventive main- 
tenance interventions to avoid emergency interventions. The assessment stage of tunnels will be 
adjusted according to the state of alert. Based on this, the schedule of inspection, the start of 
preliminary safety assessments or the immediate start of thorough safety assessments will be 
defined. In the case of tunnels with a Medium-High state of alert, such as those considered as 
the subject of the research presented herein, the guidelines propose two types of assessments: 
that is, a preliminary assessment in the case of tunnels with a Medium-High state of alert, and 
in the absence of serious defects within the initial inspections, it deeply considers the different 
levels of investigation carried out in order to be able to confirm or increase the state of alert 
itself. In the event that we are in the presence of tunnels with a high state of alert, careful assess- 
ments should be carried out. The objective is to assess the safety margins associated with the 
tunnel elements and provide corresponding mitigation measures for each specific risk. The goal 
of this paper is to present the findings of some analyses based on research conducted in tunnels 
of the Italian highway network (DTI and DT9, Autostrade per l'Italia). Insufficient lining 
thickness may occur in engineering practice due to the influence of poor construction condi- 
tions, improper construction methods, and inexperienced workmanship in tunnel construction 
(Ye et al., 2021, Lu et al., 2022). Indeed, GPR surveys on tunnel linings show local reductions 
in thickness at the vault’s key. The specific goals of this paper are to present an analysis of the 
effects of thermal variation on the state of stress in the material of linings, as well as the possible 
implementation of artificial intelligence algorithms for the monitoring and optimized manage- 
ment of databases containing valuable information from survey campaigns. In addition, they 
can provide support in the decision-making process during the in-depth study of the risk level 
in order to properly address the state of alert according to the Guidelines mentioned above. 


2 MONITORING RESULTS 


The Ground Penetrating Radar was chosen as one of several non-destructive testing (NDT) 
methods for defect characterization in engineering materials (Dwivedi et al., 2018, Tosti and 
Ferrante, 2019). Such an instrument proved to be a valuable tool for damage detection, local- 
ization, and classification due to its simple operation, transportation, and penetration capacity 
(Davis et al., 2005). The underground environment has one of the lowest electromagnetic 
background levels, and penetration can be excellent. GPR is a geophysical technique that uses 
an antenna with a frequency range of 10 to 2600 MHz to transmit high-frequency electromag- 
netic wave impulses into the investigated material (Cardarelli et al., 2003). The dielectric prop- 
erties of the material influence the propagation of such an impulse. GPR surveys of tunnel 
linings on the Italian highway network show local thickness reductions at the vault key. This 
thickness anomaly exists because of the casting operations, since the top side of linings is very 
complex and difficult to manage. In the present case, thickness anomalies were found in some 
portions of the examined tunnels. The observed thickness is 1/3 of the designed thickness, i.e., 
10cm as opposed to 30cm, as designed. Collapses of localized and limited portions of lining 
material observed in highway tunnels have clearly demonstrated how the problem of thickness 
anomaly is relevant to user safety (Jiang and Li, 2020, Ye et al., 2021). Local variations in 
lining geometry result in localized increases in axial and tangential stresses. In this regard, it is 
stated that halving the height of a section causes four times more normal stress than a defect- 
free section for the same bending stress. Even if the presence of thickness anomalies is con- 
sidered as a risk factor for material collapse, the cause of the actual detachment is found in 
a State of stress that is incompatible with the strengths of the material in place. 

It should also be noted that tunnel linings are typically weakly reinforced and lack the ductil- 
ity that distinguishes inflected elements. Even though the thermal variation of linings is one of 
the possible causes of collapses, not enough attention is paid to these thermal stresses. In 


2952 


practice, the temperatures inside the tunnel and/or on the surrounding ground vary. Several 
studies have presented the reasons for temperature changes in tunnel linings. Variation in the 
temperature of the ground and surrounding air inside the tunnel can be influenced by the heat 
generated by vehicles during braking actions or by air conditioning systems (LUO Yan-bin1 
2010). Seasonal variations in the environment and geothermal problems that can occur in such 
structural works are also factors that need to be taken into account (LUO Yan-bin1 2010). 
Added to this are potential emergency situations, such as fires, that cause sudden temperature 
increases, resulting in explosive spalling of the tunnel lining’s concrete. The rock/soil placed at 
the extrados has a temperature that is almost constant due to geothermal flow (equal to about 
42mW /m?). It should be noted that the average geothermal gradient is 2-3°C/100m, with peaks 
of 0.6°C/100m and 14°C/100m due to special geological phenomena, and that the daily variation 
of the temperature of the atmosphere only affects the surface of the earth’s crust. Because of the 
thermal inertia and low thermal conductivity of the soil, these variations have a decreasing amp- 
litude with increasing depth and a temporally postponed peak. 


3 LINING ANALYTICAL MODEL WITH ANOMALOUS THICKNESS 
REDUCTION 


The one-dimensional model was created by extrapolating the schematic of the tunnel’s typo- 
logical section with the anomalous thickness in the key. Its definition was made possible by 
the following assumptions: 


— the analyses are limited to the calotte portion, i.e. the area where the thickness anomaly can 
be found; 

— the lining’s curvature is assumed to be infinite. This assumption is supported by the fact 
that the extent of the defect is relatively limited; 

— the lining portions considered are not stressed by compressive forces along the middle 
plane; the only forces at work are vertical forces (permanent load + soil buoyancy) and 
thermal ones; 

— the soil has a consistent and uniform temperature of Ts: 

— linear variation of the temperature along the lining thickness (uniform gradient), given that 
the internal temperature, 7;, is higher than the soil temperature and that the difference 
between the two temperatures is 27. 


The thermal variation shown in Figure | can be divided into a uniform heating and a linear 
(butterfly) thermal variation in which the lower flap is heated, and the upper flap is cooled. 


Ts = cost | +T 


=à 


27 


-_ 


Figure 1. Linear variation of temperature along the lining thickness. 


The uniform thermal variation, ôT, is equal to the linear variation, abbreviated as AT. Both 
values are equal to T (1). 


=T (1) 


The present work is limited to the thickness anomaly of the calotte portion, which is con- 
sidered as part of the design thickness portion. Thermal effects in the defect-free portion are 
assumed to be negligible (i.e., design thickness lining portion). With reference to Figure 2, the 
cross-sectional width of the defective portion is equal to 21 for symmetry reasons. The thick- 
ness of this portion is equal to h, which is less than the design value. The investigated portion’s 
thickness can be modeled as an equivalent beam of rectangular cross-section, with height 
h and unit width that is confined at the ends. 


Figure 2. Detail of the linear geometry with thickness anomaly. 


3.1 Thermal action effect 


Thermal action on a hyperstatic structure generates stresses due to impeded deformation of 
the structure. Given a doubly confined beam, uniform heating generates an axial compressive 
stress: 


N, = —adTEA (2) 


where a = (107% °C~!)the thermal expansion coefficient of the material; E = material Young 
module; and A = section area. 

The sign of axial stress (or normal stress) follows the rules of Construction and Material 
Science. 

The butterfly thermal variation generates a bending moment that tends the extrados fibers: 


2aAT 
M, = = EI (3) 


where J = (h?/12) the section Moment of Inertia. 


3.2 Acting stresses 


Previous effects are added to the stress generated by the vertical gravitational load. This load, 
defined as g, is to be considered as uniformly distributed and orthogonal to the axis of the 
equivalent beam, and summarizes the self-weight contribution of the lining with thickness 
anomaly and the load of the overlying soil (4). 


q=yh (4) 


where y is the unit weight of concrete (generally equal to 24 — 25kN/m3). 

In case of thickness anomalies, the thrust of the upper soil is generally absent because the 
origin of such thickness anomalies is attributable to air bubbles between the lining and the 
rock. The bending moment diagram is a parabolic curve that tends the extrados fibers at the 
joints and the intrados one in the middle section. 

To summarize: 


— the thermal action of uniform heating generates a state of compression, N, in the model (5); 
— the linear thermal action, with the intrados warmed and the extrados cooled, translates the 
self-weight parabolic bending moment diagram upward (6,7); 
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— the linear thermal action, when the temperature inside the tunnel is lower than the rock/soil 
temperature, produces an axial tensile stress and translates the self-weight parabolic bend- 
ing moment diagram downward (6,7). 


N(z = 0,1) = —adTEA (5) 
2 
M(z=0)= aa — 2aATEI/h(positive if it tends the lower fibers) (6) 
qP ee 
M(z=/)= z + 2aATEI /h(positive if it tends the upper fibers) (7) 


3.3 Stresses on the critical section 
Figure 3 shows the sign conventions for the stresses. Axial stress is positive if it induces ten- 
sion, bending is positive if it tends the extrados (upper) fibers. 
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Figure 3. Stress sign conventions. 


Normal stress is evaluated using Navier’s formula. Considering the fixed joint section (z=), 
the normal stress thus shows a linear behavior: 


T? A 


N M aôTEA (20ATE 1,12 
o(2=l) = 7+ = ( 7 ETE (8) 


Since the greatest stress is close to the fibers in the intrados, the conditions described below 
should be satisfied (9): 


Eh 
ôT < 0eAT _ Ë ©) 


> 0e AT> —2 

The assumption of constant soil temperature, i.e., constant-temperature extrados, deter- 

mines that the stresses in the extrados of the lining are not affected by any kind of thermal 
variation. The stresses in the extrados and intrados are therefore equal to: 


o.(+$) = +36 


o,(—4) = 2(aTE i) (10) 


where A is the height of section. 

In the intrados, the variation of the internal temperature produces the stress distribution 
shown in Figure 4. If there is no temperature variation, T = 0, the flexural deflection is straight, 
and the extrados stresses have the same intensity (but opposite sign) as the intrados stresses. If 
there is heating of the air inside the tunnel, the compression in the intrados increases. 
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Figure 4. Distributions of stresses on the fixed joint section when the internal temperature of the tunnel 
changes. 


In the analysis of the trends shown in Figure 5, two borderline situations are taken into 
account: the intrados tension is equal to a tensile limit value, where the average tensile 
strength of concrete can be considered as the tensile limit value and the intrados tension 
reaches a value that makes the spalling phenomenon appear. 


4 RESULTS: CRITICAL TEMPERATURE VARIATIONS 


Two critical temperatures can be defined according to the tensile limits reached in intrados 
fibers. The compressive borderline condition is reached when the difference between the tem- 
perature at the intrados (hot) and the temperature at the extrados (cold) is equal to the critical 
heating T,,,.. As a result of this borderline condition, the stress spreading in concrete gener- 
ates the phenomenon of concrete spalling. To better understand this phenomenon, Figure 5 
shows the trend of stress redistribution in the transition zone between the area with thickness 
anomaly and the area with integral thickness. The stress model for the thickness anomaly area 
shows the intrados fibers subjected to compression (shown in light blue) and the fibers in the 
extrados subjected to tension (shown in red). 


Figure 5. Scheme for the stress redistribution-induced tensile calculation. 


The redistribution of the compressive force R (11) in the section with integral thickness fol- 
lows the strut and tie model. The tensile force T (12) is generated by assuming that the result- 
ing compressive force is transferred equally with a diffusion angle equal to J. Considering an 
equivalent section of width equal to H/3, the induced tensile force allows us to derive the ten- 
sile stresses that the tensioned concrete is required to support (13). 


T yP * 
R=- aTE +t VAN. (11) 


Where R is the compression stress resulting and y% y. = 4 ear + | is the neutral axis 
position. i 
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R 
T= z tanB (12) 


Where R is the compression stress resulting, T is the tensile force and £ is the diffusion angle. 


3T 3R 
r= FF = 577 nb (13) 

Where o7 is the tensile stress and H/3 is the section width. 

Critical warming is the temperature difference between intrados (warm) and extrados (cold) 
for which ør is equal to the average tensile stress, fem. It could be approximated by writing 
the formula at varying rates /?/h and H/h (14). Table 1 shows various critical warming values 
for different classes of concrete. 


+a 2fetm H 6ytanf (h B — Sfem H 
far 3Ea tan f @ ly: t Seem (F) (5) Ae ~3Ea tan B @ oh 


Critical cooling, on the other hand, is the temperature difference between intrados (cold) 
and extrados (warm) where the self-weight term is negligible. Table 2 shows the critical cooling 
temperature values as a function of concrete class. 


ER 1 ; yÊ a Jem 
l= Ea (fom be 7 )e= Ea tt) 


Table 1. Critical warming values (°C) for different classes of concrete and different value of H/h rate. 


H/h 1.5 2 25 3 3.5 4 4.5 5 

C20/25 25.4 33.9 42.3 50.8 59.3 67.7 76.2 84.7 
C25/30 29.1 38.7 48.4 58.1 67.8 77.5 87.2 96.8 
C30/37 30.4 40.6 50.7 60.9 71.0 81.2 91.3 101.5 
C35/45 32.6 43.5 54.3 65.2 76.1 86.9 97.8 108.7 
C40/50 34.6 46.2 57.7 69.3 80.8 92.4 103.9 115.5 


C45/55 36.6 48.8 60.9 73.1 85.3 97.5 109.7 121.9 


Table 2. Critical cooling values (°C) for different classes of concrete. 


C20/25 -7.3 
C25/30 -8.4 
C30/37 -8.8 
C35/45 -9-4 
C40/50 -10.0 


C45/55 -10.6 


5 CONCLUSION AND FUTURE DEVELOPMENTS 


In this work, the authors presented the results of the analysis carried out on the monitoring of 
some tunnels of the Italian motorway network. Among the different data obtained from the moni- 
toring, attention was focused on the frequent anomalies in the thickness tunnel concrete lining. 
Improper construction methods and inexperienced labor in tunnel construction are among the 
most common causes of these types of defects. The study focuses on the effects that the thermal 
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variation may have on the state of stress of the material. The values of critical temperature differ- 
ences (i.e., soil temperature outside the tunnel and internal temperature) were obtained under the 
condition of reaching the tensile strength on the fibers of the concrete lining intrados, providing 
the occurrence of the spalling phenomenon. The first situation occurs on the fibers in a lining 
intrados with the thickness anomaly. The other one occurs in the sections with undamaged thick- 
ness due to the redistribution of the compression forces of the section with thickness anomaly. 

The authors are currently developing an operational tool based on the analysis presented, to 
recognize situations of imminent danger depending on recorded temperature data. The above was 
carried out with the intention of being able to define a decision tool to support the companies 
managing infrastructures such as tunnels. The ability to implement it automatically will also be of 
considerable importance in order to promptly identify - with low operational costs - situations of 
imminent danger based on recorded temperature data. Since, following several inspections, the 
presence of anomalies in the thickness of linings has been found to be frequent, the objective of 
this work is also to provide effective support during the Preliminary Assessment and Accurate 
Evaluation phases at the heart of the current Guidelines on the risk classification of tunnels. 
Future developments of the present work may virtually involve the expansion of the model used 
considering the theory of plates, by studying in detail the modelling of the transition zone when 
thickness anomalies are found. This, together with a defined tool of databases, can contribute to 
the development of a more reliable system for automated road tunnel lining management. 
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ABSTRACT: The paper studies the seismic performance of a major twin tunnel, with unre- 
inforced concrete (UC) lining. The work is part of an expert witness study for an arbitration. 
For confidentiality reasons, the key conclusions are presented, without revealing sensitive infor- 
mation. Situated in Greece, the tunnel is part of a major motorway, under construction at the 
time of the dispute. With a total length of almost 6 km, and overburden ranging from 30 to 
300 m, the tunnel was constructed by conventional means of drill and blast. After its comple- 
tion, the seismic safety of the UC lining was disputed by the owner. An expert witness of the 
owner assessed the adequacy of the UC lining through pseudo-static “pushover” analysis. 
Assuming elastic response, the earthquake-induced tensile stresses were found to exceed the ten- 
sile strength of concrete, concluding that the UC lining is insufficient. We were subsequently 
appointed by the contactor to conduct a more sophisticated expert witness study. The problem 
was analyzed with the finite element method, employing a nonlinear model for the rock mass, 
and the concrete damaged plasticity (CDP) model for the UC lining. An initial elastic pushover 
analysis, using the parameters as the owner’s expert witness, gave compatible results. Then, 
nonlinear pushover analysis was conducted, with and without the surrounding rock mass. With- 
out the beneficial compression offered by the rock mass, the UC lining fails at drift 6 = 1.7 mm. 
Confined by the surrounding rock mass, it is capable of sustaining much larger deformation 
without collapsing. Finally, nonlinear dynamic time history analyses revealed that tunnel 
damage is a function of shaking intensity and initial loading. Even with conservative assump- 
tions, no collapse mechanism would develop and the residual drift is negligible. 


1 INTRODUCTION 


Situated in Greece, the studied tunnel consists of two branches and has a total length of 6 km 
and 300 m maximum overburden. According to the geological studies, it passes through the 
“Ossa” mountain rockmass, crossing through crystalline limestones and phyllites. Both forma- 
tions are dipping towards the W to NNW with dip angles ranging from 10° to 30°. At specific 
locations the rock formations are overlain by soil-like rocks (scree deposits, weathered and 
disintegrated phyllites, and talus cone deposits). Two main fault systems are encountered in 
the broader area, one with a N-S to NW-SE strike, and another with an ESE-WNW strike. 

The tunnel was constructed with conventional excavation of drill and blast. The temporary 
support consisted of shotcrete, combined with additional stabilization measures such as rock 
bolts, anchors, steel sets, spiles or steel tubes, depending on the geological conditions. The 
final support consists of an unreinforced concrete (UC) lining in areas where the rockmass is 
of good quality. However, the lining is reinforced in areas of poor ground conditions and/or 
low overburden, as well as near the portals and transverse connections. 

After construction, the adequacy of the design was disputed by the State authorities, raising 
questions on the adequacy of the unreinforced concrete (UC) lining, especially for seismic 
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loading. Assigned by the state, a structural engineering expert (SEE, not disclosed due to confi- 
dentiality) assessed the adequacy of the UC lining. Seismic loading was simulated through 
pseudo-static “pushover” analysis, imposing a seismic shear strain at the top of the model. 
Assuming elastic UC lining response, the earthquake-induced tensile stresses were found to 
exceed the design tensile strength of concrete (f; = 1.42MPa), leading to the conclusion that the 
UC lining is insufficient for seismic loading. 

The scope of our study, which was assigned to us by the contractor (not disclosed due to 
confidentiality), was to assess the seismic performance of the UC lining of the tunnel using 
state-of-the-art procedures. Its adequacy against other load combinations, such as wedge fail- 
ure, does not fall within the scope of this study. 


2 SEISMIC HAZARD 


According to the Greek Seismic Code (EAK 2000), the project lies within low seismicity Zone I, 
with a PGA of 0.16g (10% exceedance probability in 50 years). Based on the geology of the area, 
the site is classified in soil category A. Although a special seismo-tectonic study was not required 
according to EAK 2000, as part of the Technical Dispute two such studies were conducted (not 
disclosed due to confidentiality). According to the first one, a number of near-field possibly active 
faults should be investigated. However, according to the second study, their characterization as 
active is not adequately proven, and regardless of its validity, being at a distance of 15 km from 
the tunnel, these faults cannot be categorized “near-field”. Hence, it was concluded that there is no 
active fault in the immediate vicinity of the tunnel, and no special study is required. 

With respect to the estimation of seismic hazard, both seismo-tectonic studies applied state-of- 
the-art widely accepted methodologies. Their main difference lies in the assumed return period. 
Considering the project of “great significance”, the first study assumed a return period of 4950 
years (2% exceedance probability in 100 years), resulting to a PGA of 0.35 g. For the Maximum 
Design Earthquake (MDE) or Maximum Credible Event (MCE), the second study assumed 
a return period of 975 years (5% exceedance probability in 50 years), resulting to a PGA of 0.23 g. 

Although both assumptions may be considered valid, in view of international engineering 
practice, a return period of 4950 years is considered overly-conservative. We briefly mention 
few examples of tunnels of “great signifficance” in areas of high seismicity: (1) the BART 
immersed tunnel in San Fransisco (an area of very high seismicity) has been designed for 
a DBE (Design Basis Earthquake) with a return period of 1000 years (Sun et al. 2008); (2) the 
Fort Mason tunnel, also in San Francisco, has also been designed for a DBE with a return 
period of 1000 years (Zafir et al. 2006); and (3) the Aktion—Preveza tunnel in Greece has been 
designed for a DBE with a return period of 949 years (Vrettos & Savvidis, 2004). 

Based on such evidence, the return period of 975 years proposed by the second study is con- 
sidered more rational. It should be noted, however, that the level of seismic safety is a decision of 
the owner, but at a much earlier stage, before the design — and definitely before construction — of 
the tunnel. In the absence of any statement, a return period of 975 years is considered rational, if 
not over-conservative. It should also be noted that the value given by EAK 2000 (0.16 g in this 
case) correspond to a return period of 475 years (10% exceedance probability in 50 years). For 
“important structures” a 30% increase is foreseen, implying a seismic coefficient of 0.16g x 1.3 = 
0.21g, which is very close to the value of 0.23 g proposed by the second seismo-tectonic study. 


3 SEISMIC SHAKING SCENARIOS 


As discussed later on, the seismic performance of the tunnel is analyzed: (a) through pseudo- 
static “pushover” analysis, and (b) through dynamic time-history analysis. For the latter, 
appropriate seismic excitations are required. These are computed on the basis of acceleration 
response spectra for the study area, which are computed herein on the basis of the second 
seismo-tectonic study, combined with broadly accepted empirical attenuation relations. This 
is accomplished through a two step procedure: 
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Step 1: Application of attenuation relations (Ambraseys et al. 1996; Abrahamson & Silva 
1997; Boore et al. 1997; Spudich et al. 1999) to derive acceleration spectra. Such attenuations 
correlate source characteristics to site characteristics (distance and ground conditions). The 
seismic hazard is assessed deterministically (DSHA), considering the worst case scenario, 
based on the second seismo-tectonic study: an earthquake of magnitude Ms 6.5 at 15 km dis- 
tance from the tunnel. 

Step 2: Mathematical modulation of real accelerograms recorded during earthquakes in 
Greece to realistically modify them, so as to become compatible with the elastic response spec- 
tra of the previous step. The acceleration time histories computed in this step are then used as 
input to the finite element (FE) model in the subsequent nonlinear time-history analysis. 

For the worst-case scenario (Ms 6.5 at 15 km distance), the four attenuation relationships 
were used to estimate the response spectra and the envelope is shown in Figure la. The 
DSHA-compatible response spectrum exceeds the EAK (2000) design spectrum for the 
periods of interest (T < 0.5s). Different records were used to match the elastic response spec- 
trum. An example of such a spectrum compatible record, based on the 1986 M, 6.0 Kalamata 
earthquake, is shown in Figure 1b. 
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Figure 1. (a) The four computed acceleration response spectra and their envelope, used as target spectrum; 
and (b) example of modified DSHA spectrum compatible motion, based on the Kalamata 1986 record. 


4 ANALYSIS METHODOLOGY 


The seismic performance of the tunnel is analyzed employing the FE method, assuming plane- 
strain conditions, modeling both the rock-mass and the UC lining with quadrilateral con- 
tinuum elements. As depicted in Figure 2, the FE mesh is finer along the periphery of the tun- 
nels. The lining is connected to the surrounding rock-mass through interface elements, 
allowing separation and sliding. 


1D column 1D column 


Vv. and Vp dashpot elements at the base 


Figure 2. Finite element model: The discretization is finer in the area close to the tunnels. 
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Absorbing boundaries are installed at the base of the model, consisting of viscous dampers. 
With respect to the lateral boundaries, the most common approach is the application of kine- 
matic constrains. However, this type of boundary is inherently imperfect: it generates wave 
reflections which modify the response, while refracted waves propagate within the surrounding 
medium. To overcome such drawbacks, a free—field boundary is employed herein, consisting of 
two 1D soil columns connected to the lateral boundaries of the 2D model through dampers. 


4.1 Constitutive models 


The rock formation is not expected to exhibit substantial nonlinearity during seismic shaking. 
However, to account for possible failure mechanisms, a nonlinear constitutive model with 
Mohr-Coulomb failure criterion is employed. The latter is certainly not state-of-the-art, but it 
was deemed reasonable given the absence of detailed data, allowing calibration of more 
advanced models. Model parameters are assessed conservatively on the basis of the correspond- 
ing design parameters of the rock mass: g = 30°, c = 250 kPa, and E = 800 MPa. A 2% Rayleigh 
damping is introduced, and a coefficient of earth pressures at rest K, = 0.5 is assumed. 

The UC lining is modelled employing the Concrete Damaged Plasticity (CDP) model. Based 
on the models proposed by Lubliner et al. (1989) and Lee & Fenves (1998), the model is 
incorporated in Abaqus. Developed for quasi-brittle materials, the model combines isotropic 
damaged elasticity with isotropic tensile and compressive plasticity. It considers two failure 
mechanisms: tensile cracking and compressive crushing. Under uniaxial tension, the stress- 
strain response is linear until the failure stress f,, followed by softening due to micro-cracking. 
Under uniaxial compression, the response is elastic until the yield stress fzo, followed by hard- 
ening up to the failure stress fec, and subsequent strain softening. 

The stress-strain relationships are defined in tabular form, adopting widely used relations 
for confined concrete under compression (Mander et al., 1988) and tension (Chang & 
Mander, 1994). Under cyclic loading, the model has “memory” of damage sustained in previ- 
ous cycles, and can capture the effect of opening and closing of cracks. Most importantly, it 
captures the interaction between axial load and bending moment, and its effect on stiffness 
and bending moment capacity. 


4.2 Modeling of initial tunnel convergence 


The seismic performance of the tunnel is sensitive to the static rock-mass confining pressures 
acting on the lining. These are a function of initial convergence, before installation of the UC 
lining. The initial convergence is a function of the excavation method, the delay in the installa- 
tion of the temporary support, the stiffness of the temporary support, the properties of the 
surrounding rock-mass, and several other parameters, the realistic estimation of which would 
require much more detailed information, that was not available. Therefore, the initial conver- 
gence is parametrically investigated considering two scenarios: 


e Lower bound, assuming initial convergence of 6 mm, leading to relatively large pressures 
acting on the lining: 350 kPa at the crown, compared to 180 kPa assumed in design 
(Figure 3a). 

e Upper bound, assuming initial convergence of 14 mm, resulting in reduced pressures on the 
lining: 120 kPa at the tunnel crown, compared to 180 kPa assumed in design (Figure 3b). 


4.3 Types of analysis 
The seismic performance of the tunnel is simulated with two different methods: 


1) Pseudo-static “pushover” analysis, applying the seismic shear strain in terms of angular 
deformation at the top of the FE model (St. John & Zahrah 1987; Wang, 1993). The angu- 
lar deformation y is computed for two acceleration levels: (i) ag = 0.24 g, following 
the second seismo-tectonic study; and (ii) ag = 0.35 g, based on the more conservative first 
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study. With respect to particle velocity v, and v/a ratio, we conservatively adopt the 
values proposed by the study of the SEE, which yield: y ~ 0.0006 for ag = 0.35 g. 

2) Dynamic time-history analysis, using as input ground motions the previously discussed 
DSHA-computed acceleration time histories. 


In both cases, the tunnel is analyzed: (i) assuming elastic lining response, and (ii) accounting 
for inelastic lining response, employing the CDP model. 


5 PSEUDO-STATIC ANALYSIS 


5.1  Pseudo-static analysis assuming elastic UC lining response 


Although not realistic, we start with such analysis to show that our pseudo-static elastic models 
are compatible with those of the SEE. We assume exactly the same model parameters as the 
SEE, for the rock mass (E = 800 MPa, v = 0.2) and for the UC lining (E = 32 GPa, v = 0.2). We 
also adopt the angular deformation: y ~ 0.0006 for a, = 0.35 g. Both initial convergence scen- 
arios are analyzed, but the results are discussed focusing on the lower-bound scenario. 

The contact pressures acting on the lining before application of seismic loading are substan- 
tially larger than the ones assumed in design: 350 kPa at the tunnel crown, instead of 180 kPa 
of the design. As depicted in Figure 3, there exist a few UC lining elements in which the max- 
imum principle stress exceeds the design tensile strength of concrete (fera = 1.42 MPa), even 
before application of pseudo-static pushover loading — totally in accord with the SEE. Based 
on the results of the analysis, it is concluded that: 


(a) At specific UC lining locations, the developing principle tensile stress exceeds the 
design tensile strength of concrete (fera = 1.42 MPa), even before application of seis- 
mic loading; 

(b) The location of maximum tensile stressing compares well with the study of the SEE; 

(c) The maximum tensile stress is substantially larger than the one of the SEE (4.6 MPa 
instead of 2.2 MPa), revealing the conservatism of our analysis. The difference is attrib- 
uted to the simulation of nonlinear rock-mass response, which results to soil yielding close 
to the foundation of the UC lining; and 

(d) Seismic loading does not lead to any substantial increase of the tensile stresses, and could 
be claimed to be almost negligible compared to static loading. 
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Figure 3. Pushover analysis assuming elastic response of UC lining and lower bound initial conver- 
gence: evolution of principle stresses with seismic deformation (expressed in terms of pseudo-static 
acceleration). 


5.2 Pseudo-static analysis accounting for nonlinear UC lining response 


The purpose of this analysis is to assess the degree of UC lining damage due to seismic shak- 
ing. As for the elastic analysis, we adopt the parameters of the SEE: 
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* Rock mass: E = 800 MPa, v = 0.2, g = 30°, and c = 250 kPa; 
e UC lining: E = 32 GPa, v = 0.2, fea = 21 MPa, and fera = 1.42 MPa; and 
e Angular deformation (shear strain): y = 0.0006 for ag = 0.35 g. 


With respect to initial tunnel convergence, the analysis is conducted for both scenarios. The 
CDP model is calibrated conservatively, assuming the aforementioned design values of fea and 
Sera. The degradation rule is also calibrated conservatively, assuming very rapid degradation of 
strength and stiffness with accumulated tensile deformation (i.e., with cracking). 

To illustrate the degree of conservatism with respect to concrete model calibration, 
we first conduct a displacement-controlled pseudo-static “pushover” analysis of the 
lining standing alone, neglecting the confining pressures of the surrounding rock-mass. 
Since the beneficial initial compression of the lining is completely ignored, the only 
compression is associated with the dead load of the lining itself. As illustrated in 
Figure 4, the reaction force P drops sharply at a drift ô ~ 1.7 mm. Observe in 
Figure 4b that the tensile crack (just on top of the right foundation) penetrates into 
the lining for about 2/3 of the width, with the concrete tensile damage index reaching 
almost 1.0, which is indicative of a complete failure of the UC section. In accord with 
the SEE, without the beneficial confining pressures of the surrounding rock-mass, the 
UC lining fails at ô = 1.7 mm. 
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Figure 4. Pushover analysis of the UC lining alone, neglecting the surrounding rock-mass, accounting 
for nonlinear UC response: (a) evolution of reaction force P with imposed drift 6; and (b) concrete tensile 
damage index. Without the beneficial confining pressures of the surrounding rock-mass, the UC lining 
would fail at ô = 1.7 mm. 


In the presence of the surrounding rock-mass, the performance of the UC lining is com- 
pletely different. For the more conservative upper-bound initial convergence scenario, the 
results are summarized in Figure 5. For the most probable assumption of ag = 0.24g 
(Figure 5a), the tensile damage index does not exceed a mere 0.06. For the extreme scenario of 
dg = 0.35 g (Figure 5b), corresponding to an overly-conservative return period of 4950 years, 
the tensile damage index reaches 0.99, indicating severe damage. Even in this extreme scen- 
ario, tensile damage does not penetrate all the way through the section. Most importantly, 
tensile failure takes place at the outer periphery of the lining, in contact with the rock-mass: 
a collapse mechanism cannot easily develop. 

To further explore the collapse capacity of the UC lining, an extreme pushover analysis is 
conducted, gradually increasing the angular deformation to y = 0.006 — an order of magnitude 
larger than the one corresponding to the conservative scenario of ag = 0.35 g. To be on the 
safe side, the analysis is performed assuming the upper-bound initial convergence scenario, 
which has been shown to lead to increased tensile concrete damage. As illustrated in 
Figure 6a, the shear deformation is so extreme that the rock-mass fails close to the model 
boundary. Substantial plastic straining of the rock-mass takes place around the tunnel. As it 
would be expected, the damage is now extensive, with the tensile concrete damage index reach- 
ing 1.0 at various locations (Figure 6b). 
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Figure 5. Pushover analysis accounting for nonlinear UC lining response, for upper bound initial tunnel 
convergence. Concrete tensile damage index for: (a) a, = 0.24g; and (b) a, = 0.35 g. 


But even under such extreme deformation, no collapse mechanism develops. This is simply 
due to the beneficial role of the confining pressures offered by the rock-mass. As the system 
deforms, the pressures acting on the lining increase dramatically, reaching almost 1300 kPa at 
the right lateral boundary of the tunnel, and exceeding 3000 kPa at its foundations. Such 
increase of the confining pressures acts as a significant restraint, providing a beneficial restoring 
force to the system. In summary, whereas without the beneficial effect of the surrounding rock- 
mass, the UC lining would fail at drift ô of merely 1.7 mm, when confined by the rock-mass, 
the UC lining would probably sustain very large angular deformation without collapsing. 
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Figure 6. Extreme pushover analysis, imposing angular deformation y ~ 0.006 — an order of magnitude 
larger than the one corresponding to the conservative scenario of a, = 0.35 g (upper-bound initial conver- 
gence): (a) deformed mesh with plastic strain contours; and (b) concrete tensile damage index. 


6 DYNAMIC TIME HISTORY ANALYSIS 


The dynamic analysis is conducted with both initial convergence scenarios, assuming elastic 
and nonlinear UC lining response. We focus on nonlinear response, with the more conserva- 
tive upper bound initial convergence scenario, and the spectrum-compatible Kalamata record 
(Figure 1b). As depicted in Figure 7a, the maximum drift ô reaches 4.8 mm, while the perman- 
ent drift is negligible. As shown in Figure 7b, the tensile damage index does not exceed 0.16. 
Compared to the pseudo-static analysis (Figure 5a), the degree of damage is substantially 
larger: 0.16 instead of 0.06. This is attributed to the cyclic nature of seismic loading, which 
leads to degradation. However, the tensile damage does not penetrate deep in the lining and 
no collapse mechanism develops. 

Based on the results of all the dynamic analyses, it is concluded that: (i) subjected to 
dynamic loading, the UC lining sustains tensile damage at various locations; (ii) for the lower- 
bound initial convergence scenario, the concrete tensile damage does not exceed 0.16, for all 
seismic excitations examined; and (iii) for the upper-bound initial convergence scenario, the 
concrete tensile damage does not exceed 0.33. The areas of tensile damage do not penetrate all 
the way through the UC lining, the residual drift is practically zero, and no collapse mechan- 
ism develops. 
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Figure 7. Dynamic time history analysis accounting for nonlinear UC lining response, lower bound ini- 
tial tunnel convergence, and seismic excitation with the modified Kalamata record: (a) time history of 
tunnel drift 5; and (b) concrete tensile damage index. 


7 CONCLUSIONS 


The key conclusions of our study are summarized as follows: 


1) Based on the pseudo-static analysis with elastic UC lining, seismic loading does not lead to 
an appreciable increase of tensile stresses, being almost negligible compared to static 
loading. 

2) Based on the pseudo-static analysis with nonlinear UC lining, for the upper-bound initial 
convergence scenario, the concrete tensile damage does not exceed a mere 0.06 for the 
rational assumption of a, = 0.24 g. Even under extreme assumptions, no collapse mechan- 
ism develops. 

3) Without the beneficial confining pressures offered by the surrounding rock-mass, the UC 
lining would fail at a drift ô = 1.7 mm. However, with the confining pressures offered by 
the surrounding rock-mass, it can sustain an order of magnitude larger angular 
deformation. 

4) Based on the dynamic time-history analysis, accounting for nonlinear UC lining response, 
the concrete tensile damage does not exceed 0.33, for all seismic excitations examined. 
Even in the worst case scenario, the areas of tensile damage do not penetrate all the way 
through the UC lining, the residual drift is negligible, and no collapse mechanism develops. 


Adding reinforcement to an already constructed UC lining would be extremely challenging 
and costly, if not impossible. Thanks to our analysis, which considered the beneficial effect of 
the confining pressures offered by the rock-mass, it was possible to prove the adequacy of the 
UC lining, which was crucial for the rational settlement of the technical dispute. 
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ABSTRACT: A web-based decision support tool for resilience assessment of road tunnels 
was developed in order to assist infrastructure managers and owners to strengthen the resili- 
ence of their road system on a long-term basis. With this research, an important milestone for 
the integration of resilience assessment as a component of transport infrastructure manage- 
ment has been achieved and the foundation was laid for transferring theoretical concepts from 
research to practice. This way decisions in infrastructure management to maintain the func- 
tionality of roads can be better prepared and measures or investments better justified in the 
future. 


1 INTRODUCTION 


A reliable transport infrastructure makes a significant contribution to social prosperity by 
ensuring security of supply and meeting the mobility needs of the population and the 
economy. 

Failures of the transport infrastructure caused, for example, by natural events, human inter- 
vention or technical failure can lead to high economic costs if they result in prolonged inter- 
ruptions of critical route elements. A growing need for mobility, aging infrastructures, and the 
increase in external stress factors such as climate change pose additional challenges for trans- 
port infrastructure operators. 

At the same time, it is important to recognize the opportunities, risks, and challenges of 
digitization and to integrate them into infrastructure management. Comprehensive infrastruc- 
ture management is therefore indispensable for high availability and maintaining functionality 
in the event of an incident. Today, infrastructure managers use a wide variety of management 
systems for this purpose, such as building management, maintenance management or incident 
management. 

What is still lacking today is a holistic, systematic management system that assesses the 
overall system resilience and enables the evaluation of measures with regard to their contribu- 
tion to maintaining the functionality of the transport infrastructure. In this way, existing 
approaches could be linked, which would facilitate the management of an increasing number 
of external stress factors and make it possible to keep the economic costs low. 


2 OBJECTIVES AND METHODS 
This research project builds on the methodological approach and considerations from Deu- 


blein et al. (2021) by addressing the identified need for research and further development. The 
overall objective of the project is to optimize and further develop the existing methodological 
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approach for assessing the resilience of road infrastructures, both methodologically and in 
terms of content, as well as to take steps towards its implementation in practice. 
Specifically, the following overall objectives are pursued: 


1. Optimization and further development of the methodology: The methodology developed in 
Deublein et al. (2021) should be validated and optimized. In parallel, the methodology is to 
be further developed in terms of content. This includes the extension to all phases of the 
resilience cycle as well as first considerations on how to transfer the methodology to rail 
and waterways. 

2. Transfer from research to practice: In addition to the further development of the methodology, 
focus is put on its implementation. For this purpose, a web-based IT tool is being developed 
that can be used to assess the resilience of road infrastructure and the resilience effect of meas- 
ures. To facilitate the use of the IT tool, a user guide will be developed. An implementation 
concept will show how the methodology and IT tool are to be applied in practice. 


3 RESULTS 


3.1 Methodological concept for resilience assessment 


Figure 1 below schematically shows the resilience assessment process as it presents itself to the 
user. The user works out the regular planning of measures in his field of expertise (e.g., con- 
struction management, maintenance management or traffic management) for a network sec- 
tion and the tunnels located at it. Thus, the goal is that no separate investigation is required 
for the resilience assessment, but that it is embedded in existing management systems and 
their processes. 


Development of the regular action planning in the management system 
Complementary resilience assessment with the IT tool 


1 Pragmatic vulnerability analysis 


2 Resilience screening 
Resilience of the system in the acutal state 
Identification of fields of action 
Pre-selection of measures with the help of a catalog of measures 


3 Assessment of measures 
Assessment of measures with regard to their resilience effect 


4 Prioritization of measures 
taking into account cost-effectiveness 
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5 In-depth clarifications in the case of complex measures 
Consideration in the technical planning of measures 


Figure 1. Schematic representation of the resilience assessment process. 


If a network element or a road section is assessed from the perspective of the department, 
a supplementary resilience assessment is carried out with the help of the tool: 


1. Vulnerability analysis: The first step is to make a pragmatic assessment of the vulnerability 
of the road section and/or for specific infrastructure elements. This is based on an assess- 
ment of route-specific characteristics (e.g., traffic volume, capacity utilization, alternative 
access options, etc.) and an assessment of the exposure to hazards with regard to the guar- 
antee of functionality (e.g., natural hazards, technical hazards, etc.). 

2. Resilience screening: The aim of the second step is the overall examination of the resilience 
of a system in its current state, considering any measures already planned, as well as the 
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identification of potential fields of action in which the system performance should be 
improved with regard to its resilience. 

3. Assessment of measures: The identified potential measures are then assessed in terms 
of their resilience effect. The resilience effect of a measure can be determined by its 
influence on the course of the resilience curve (Figure 2.). Measures change either the 
frequency of occurrence of disruptive events or the course of the functionality curve 
after a disruptive event and thus also the resilience of the system by reducing the 
absolute (vertical) loss of functionality on the one hand and the duration of impact 
(horizontal) on the other. 

4. Resilience optimization: Based on the determined resilience effect and considering 
a cost-effectiveness analysis of the individual measures, a ranking list of prioritized 
measures or combinations of measures is drawn up that is optimal for the resilience 
of the system. This prioritized ranking list serves as an aid to the decision maker in 
selecting the most efficient resilience measures and in implementing consistent resili- 
ence management. 
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Figure 2. Effect of the measures on the functionality of the system - represented by black arrows. The 
impact of a measure on the resilience is characterized by its effect on the total loss of functionality AF = 
Fmax - Fmin and its required time to recover after a disruptive event At = trecovered - tevent. 


As a result, the resilience assessments yield a list of supplemental or adapted depart- 
mental measures that could be considered from the perspective of maintaining the func- 
tion of the roadway segment and/or infrastructure elements and an associated 
pragmatic rating. Additional measures that are judged to be expedient, which on the 
one hand are relatively simple to implement and do not entail any significant cost con- 
sequences, and on the other hand lie within the area of responsibility of the respective 
department, are to be included directly in the planning of measures wherever possible. 
In addition, the analysis results in potentially suitable measures for improving resilience. 
The appropriateness and proportionality of these measures should be analyzed in 
greater depth in a further step. These are typically cost-intensive measures or those that 
are very time-consuming to implement, for example, due to the need for approvals or 
coordination with different responsible parties. 


3.2 IT tool and user guide 


The developed methodology concept was implemented in an IT tool. The tool allows users to 
pragmatically assess additional measures from a resilience perspective. It also allows for an 
assessment or ranking of their appropriateness in terms of an initial assessment. 
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By implementing the elaborated methodology in the form of a web-based IT tool, 
a comprehensive integration of the resilience approach in practice should be facilitated. In 
addition, the IT tool should enable users to recognize the added value of the resilience assess- 
ment for their daily work and to develop an interest in the topic of resilience. 

In order to show the user, the functionalities and the handling of the tool, a user guide was 
created. The user guide explains the most important functionalities of the tool by means of 
a short description and corresponding screenshots and illustrations and shows step by step 
how to use the IT tool. The language, scope and level of detail are aimed at these users and 
should make it easier for them to use the IT tool in practice. 

The following technical requirements for the IT tool were defined during interviews with 
experts and stakeholders: 


e Simple and pragmatic use: The methodology should be easy to use (e.g., selecting a route 
element to calculate the impact of a closure on secondary routes). 

e Usability: The tool should be easy to use and self-explanatory. The technical design 
should be as simple as possible, for example regarding data entry or an automatic 
check of the completeness of the data required. An assisted application would also 
be desirable, guiding users step by step and briefly explaining the required entries 
and selections. 

e Compatibility and interfaces: The tool should be compatible with widely used systems/data- 
bases and interfaces. Existing data should be easy to import or export (e.g. road traffic 
data). 


Usability as well as performance checks were part of the development process. 


Resilienzscreening Version: 1.00 


Untersuchungs Vulnerabilitats Resilienz- Resilienz Handiungs Maßnahmen Resihenz Report 
gebiet analyse screening score bedart beurteilung optimierung 


Resilienzscreening 


Im Folgenden soll mithilfe von Leitfragen für jedes zu untersuchende Objekt abgeschätzt werden, ob eine Erhöhung der Resilienz überhaupt angezeigt ist. Möglicherweise kann 
davon ausgegangenen werden, dass der betrachtete Streckenabschnitt bzw. das betrachtete Objekt nicht vulnerabel ist und auf eine vertiefte Resilienzbetrachtung verzichtet werden 
kann. 


À Tunnel o A 
H straenabschnitt iv} ws 


Figure 3. User interface the IT-Tool for resilience assessment (step: resilience screening). 


Figure 3 presents the step of resilience screening. The investigated network includes a tunnel 
and a road section. The results of the screening (criticality and vulnerability analysis) indicates 
that a further investigation for the tunnel is needed/proposed. After the selection of possible 
measures, a resilience optimization can be proposed. At the example presented in Figure 4, 
four measures (use of alternative route, investigation of minimal operational requirements, 
construction of a protection embankment and use of waterproof operating technology inside 
of the tunnel) are proposed and ranked according to the probability for implementation of 
these proposed measures. At this case, the conduction of investigations regarding minimal 
operational requirements (e.g. under which condition the use of one tube for bidirectional 
traffic is possible) is more likely to be implementation that the construction of a new protec- 
tion embankment. 
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Resilienzscreening 


Optimierung 


Das Ziel der Resilienzoptimierung besteht darin, auf Grundlage der ermittelten Resilienzwirkung und unter Berücksichtigung einer 


Kosten-Wirksamkeits-Betrachtung eine Rangliste der priorisierten MaGnahmen pro Objekt zu erstellen 


fi Tunnel 0. 
Maßnahme: Alternative Route ~ 
Maßnahme: Hochwasserschutzdamm v 
Maßnahme: Sicherheitskonzept Mindestanforderungen ~ 
Maßnahme: Wasserdichte Betriebstechnik ~ 
Rangliste a 


Methode | Rang nach Realisierungswahrscheinlichkeit ” 


Maßnahme: Sicherheitskonzept Mindestanforderungen 1,53 11540 
Maßnahme: Wasserdichte Betriebstechnik 111 26,50 3 40 2 
Maßnahme: Hochwasserschutzdamm 0,00 0,00 5 30 3 


Maßnahme: Alternative Route 1,96 5,53 15 15 a 


Figure 4. User interface the IT-Tool for resilience assessment (step resilience optimization). 


3.3 Implementation concept 


With the implementation of the methodology in an application-oriented IT tool, the founda- 
tions are laid to be able to consider the issue of resilience of road sections or network elements 
of the road network in existing management systems and action planning in the future. How- 
ever, this also requires a concept that supports the implementation of the developed resilience 
approach and the IT tool in practice. Ultimately, the concept and the tool will only add value 
and increase the resilience of transport systems if they are accepted and applied in practice. 
The implementation concept is based on the three pillars which include following activities: 


1. Communication and information: Information through existing websites, sending newslet- 
ters, information through networks, working groups and associations, and information to 
a wide audience through contributions at professional meetings and conferences. A good 
coordination of the activities is crucial. 

2. Education and training: The user should be answered “How is the concept or the IT tool 
embedded?” and “How do I apply the concept or the IT tool?”. For this purpose, it is 
recommended to provide offers (tutorials, webinars, day courses, etc.). Individualized on- 
site trainings complement the training of the users. It is recommended to choose 
a pragmatic and easy-to-implement approach and to build on experience. 

3. Exchange of experience: Short term, the aim should be to increase awareness of the concept 
and the IT tool, to demonstrate its benefits and to provide assistance to interested users. 
Medium term, the experience gained should be compiled and the findings incorporated into 
further development. 
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4 CONCLUSIONS 


With this research, an important milestone for the integration of resilience assessment as 
a component of transport infrastructure management has been achieved and the foundation 
laid for transferring theoretical concepts from research to practice, so that decisions in infra- 
structure management to maintain the functionality of roads can be better prepared and meas- 
ures or investments better justified in the future. 

In addition to the further development of the methodology, a web-based IT tool was devel- 
oped. The IT tool is intended to help managers and owners of transport infrastructure to 
assess the resilience of their infrastructure. The definition of the system to be assessed, the net- 
screening and the hazard analysis serve as essential fundament for the resilience screening, the 
evaluation of resilience improving measures and the resilience optimization. Different infra- 
structure elements can be assessed on object level (e.g. bridges, tunnels). As a result, an over- 
view of possible resilience measures and their impact on the system’s resilience is given 
(Anastassiadou et al., 2020). 

To facilitate the use of the IT tool, a user guide as well as an implementation concept were 
developed showing how the methodology and IT tool are to be applied in practice. 
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ABSTRACT: The effective organization of the whole risk management process, based on 
the early coordination between all the stakeholders, plays a fundamental role in underground 
works. To define the risk management process during the construction and for the durability 
of the Pakal Dul Hydroelectric Project structures, two main references have been considered: 
the “Joint Code of Practice for Risk Management of Tunnel Works in the UK” (BTS), and 
the “Recommendation on the characterization of geological, hydrogeological and geotech- 
nical uncertainties and risks” (AFTES). This process has been organized in four levels, that 
are: Risk Management System, Risk Management Plan, Risk Assessment, and Mitigation 
Measures Management. The effective communication and the early coordination between the 
parties, as well as the prompt and precise definition of a coding system, are fundamental to 
limit all shortcomings in the risk management process. To this purpose, a Risk Management 
Committee supporting the construction process should be established. 


1 PREFACE 


The excavation with TBM is generally associated to a higher level of geotechnical risks, and 
related mitigation measures to be implemented, than the one associated to the Drill & Blast 
method (DBM). The construction process is much less adaptable, and hazards cannot be faced by 
adjusting excavation and support measures, profiting of a fully available working space at the face 
and in its proximity. Moreover, almost the entire extension of the HRTs will be realized by means 
of TBMs, with the clear preponderance of the related occurrences to the prevailing risks while 
DBM stretches are limited to the initial and final sections, where the cover is lesser and the geo- 
logical information is better framed. The hazards concerning the DBM are considered to be 
solved by applying the Observational Method (OB) as the excavation proceeds and by the relevant 
options of adjustment of the designed excavation and support measures to the situations foreseen 
to be encountered, and their possible variations because of the local conditions. 

The study presented in this paper focuses mainly on the hazards related to the excavation 
with TBM. 

The risks related to the environment, health and safety, and to the quality management 
system categories, open works (other than portal), logistic and equipment have not been 
included herein. 


2 GENERAL OVERVIEW 


2.1 Pakal Dul Hydroelectric Project 


Pakal Dul Hydroelectric Project is a storage scheme in the Kishtwar District of Jammu and 
Kashmir, State of India. The gross storage of the reservoir is 125.4 Mm’. A maximum gross 
head of 417 m between the dam site at Drangdhuran and powerhouse site at Dul is to be util- 
ized for power generation. The powerhouse will have an installed capacity of 17000 MW. 


DOI: 10.1201/9781003348030-359 
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The project comprises the following main components: 


— Aconcrete face rockfill dam167 m high; 

— Achute spillway on the left bank; 

— Two tunnel spillways 10.5 m diameter, 415 m and 435 m long respectively; 

— A diversion tunnel 11.0 m diameter, 800 m long; 

— The intake structure for the headrace tunnel (HRT) located just upstream of spillway on 
the left bank; 

— Two HRT 7.2 m internal diameter, each 10.0 km in length; 

— An additional intake tunnel of 7.2 m diameter up to the gate shaft for 500 MW capacity 
addition in future; 

— Two surge shafts 16 m diameter, each 200 m deep; 

— Two steel lined pressure shafts 6.0 m diameter, each bifurcating at the top into two steel 
lined shafts of 3.9 m diameter; 

— An access system to the surge shafts and to the four head valves to the pressure shafts; 

— Two underground parallel caverns; 

— A tailrace system comprising of four concrete lined horseshoe shaped tunnels, each 
5.5 m diameter, 125 m long; 

— A surface Switchyard. 


The package for which the risk management process presented in this paper has been devel- 
oped, concerns the execution of a double HRT and their ancillary works downstream of the 
intake, as follows: 


— Two headrace tunnels (HRTs) 7.2 m diameter, each total approximatively 10.0 km in length of 
which about 7.4 km excavated with double shield hard rock Tunnel Boring Machine (TBM); 
Two adits 597 m and 647 m long respectively; 

Two dismantling caverns excavated by Drill & Blast method (DBM); 

— Two junctions from the HRT to the surge shaft (excavated by DBM). 


The design discharge of each tunnel is 156 m7/s approximately. 

The access to the works occurs from the adit portal, on the downstream side of the HRT, 
in the area of the surge shaft location. The topography is very pronounced, with overburden 
> 2000 m peak value, and more than 50% of the total length above 1000 m. 


2.2 Project geology 


The project lies in the lower Himalayan formations. The geological materials are granitic gneisses, 
quartzites, phyllites, slates and schists, all show a very low grade of metamorphism. The tectonic 
conditions which brought the formations to their current position are dominated by thrusting and 
strong shear movements, so tectonic/thrust contacts between the lithological units, and within 
them, prevail. This type of stacking of lithological bodies also brings the possibility to have fre- 
quent changes of materials (e. g. soft-hard, intact-crushed, low-high permeability). 

The general orientation of the bedding and tectonic contacts is towards ENE with 
a moderate dip. 

Along the HRTs (7.5 km) seven stretches, following the lithological boundaries, can be delin- 
eated. The overburden exceeds slightly 2000 m, which brings in the stress-related phenomena, 
such as squeezing in disturbed/incompetent lithologies (phyllites, slates, schists), and rockburst/ 
spalling in rather intact and rigid ones (granites and quartzites). At lower overburdens the 
instabilities are rather overbreak and cave-in in the disturbed materials and discontinuity-driven 
(block instability) in the more intact/less disturbed ones. 

Groundwater inflow into tunnel is expected through crushed horizons along the contacts of 
the lithological bodies or within them. 

The in-situ stress determined in the quartzites in the powerhouse area gives an orientation 
of the major horizontal stress oj, of NNE-SSW (065-245°), thus oblique and unfavorably 
oriented to the axis of the HRTs (61°). The entity of the K;-value might be elevated in the 
superficial parts, around 1.5-2 and lower in the deeper parts (K= 1.5 has been assumed). 
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Generally, the expected hazards are connected to thrusting and shear, changes in materials 
and mechanical behavior (overbreak/cave-in, block instability), water ingress and overstressed 
rockmass (squeezing and rockburst). 

The geological model of the HRTs is provided in Figure 1. 
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Figure 1. Geological model for HRTs. 
3 CODES AND GUIDELINES FOR THE PREPARATION OF RISK MANAGEMENT 


In order to set up an effective Risk Management, different references, based on distinct approaches, 
have been selected and used as a guide for this work. In particular, the Risk Management of Pakal 
Dul has been prepared according to the following codes and recommendations, they are: 


— The “Joint Code of Practice for Risk Management of Tunnel Works in the UK” (2"¢ edi- 
tion, 2012) which was jointly prepared by the British Tunnelling Society and the Associ- 
ation of British Insurers, published by the British Tunnelling Society in September 2003. 
The Code has been modified after discussions with the International Tunnelling Associ- 
ation (ITA) and the International Association of Engineering Insurers (IMIA), to recognize 
that some of the provisions in the original Joint Code would not be appropriate in all coun- 
tries, which would require specific amendments to the Code. Its utilization has been con- 
sidered within the main contract specifications. The Code has been adopted to define the 
structure and the modus operandi of Risk Management and relevant organization. 

— The “Recommendation on the characterization of geological, hydrogeological and geotech- 
nical uncertainties and risks” published by AFTES in 2012. Because of its specificity, the 
Authors recommend considering it with specific reference to the underground engineering 
and related works with regard to uncertainties (hazards) and risk management aspects. 

— The “Guidelines for tunnelling risk management” published by ITA in 2004 are also con- 
sidered a valid contribution in the specific field of tunnelling. These guidelines have been 
punctually used in this work to deal with specific issues. 


Particular attention has been given to the possible presence of conflicts between the above 
summarized references; nevertheless, after deep evaluations it is possible to state that it is not 
evident any kind of contrast. 


4 RISK MANAGEMENT PROCESS 


The Risk Management process, defined for Pakal Dul Hydroelectric Project, has been organ- 
ized in four levels, which are: the Risk Management System, the Risk Management Plan, the 
Risk Assessment and the Mitigation Measures Management. 

The following paragraphs describe each one of the above listed phases. 


4.1 Risk Management System 


The Risk Management System (RMS) has the specific purpose to define the concepts and the 
structure of the entire Risk Management process, as well as the roles and responsibilities of the 


2976 


main actors involved in the project. Within the RMS the approaches with which the successive 
levels of the Risk Management process will be implemented should be properly defined. 

It is fundamental to remark that the main goal of the RMS is to define the approach of the 
Risk Management and its systematic organization. The specific evaluation process, assessment 
and mitigation measures are respectively subject of the Risk Management Plan, of the Risk 
Assessment and of the Mitigation Measures Management. 

The RMS has to be intended as a dynamic document that should be updated upon coordin- 
ation with the Contractor and following the outcome of the Risk Management regular meetings. 


4.2 Risk Management Plan 


The Risk Management Plan (RMP) has been produced in order to actualize the structure 
defined in the RMS. The contents of the RMP have been considered as the guide for the prep- 
aration of the Risk Assessment. 

At this level, the following passages have been implemented: 


Categorization of the hazards; 

Definition of the approaches and schemes for hazard frequency and consequence/impact; 
— Construction of the risk matrix and evaluation of the levels of risk; 

— Stakeholder responsibility, risk allocation and tolerances of pertinence. 


4.2.1 Hazard categories 

During the design phase, the hazards influencing the outcome of the construction according 
to the specified project purpose, quality, technical requirements, and scope, have been identi- 
fied and classified. In this study, as far as TBM excavation is concerned (construction of 
HRTs, including grouting and plugs where pertinent), four main categories of hazard have 
been considered, they are: 


— Geological and hydrogeological hazards; 

— Geotechnical and structural hazards; 

Technological hazards (limited to the aspects having direct pertinence to the design); 
Operational hazards. 


For this Project, the most relevant hazards belonging to the above cited categories have 
been listed in Table 1. 


4.2.2 Definition of probability and impact 
The hazards occur under differentiated frequency. For all hazards, once identified, their level 
of frequency has been evaluated and their potential consequences (impact) defined. 

For the sake of representativeness, these conditions are grouped into classes as per Tables 2 
and 3, respectively. 


4.2.3 Risk matrix 
The risk level is expressed through Equation 1. 


R=PxI (1) 


Where: 

P is the probability of occurrence of a specific event, and 

Tis the impact of the event on the Project. 

Table 4 reports the two-variable risk matrix (frequency of occurrence and consequence) 
defined for this project. 


4.2.4 Risk evaluation 

The levels of acceptability of the classified risks are usually defined through several criteria. 
The one applied in this study is simple and unequivocal. Table 5 suggests the definition and 
qualification of the levels of risk. 
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Table 1. Summary of hazard categories. 


Hazard categories Code Description 
Geological/Hydrogeological A.l Fault/shear zones 
A.2 Extreme stress state in the rock mass 
A.3 Karst/presence of cavities 
A.4 Slaking 
A.5 In-situ stress anisotropy/anomalies 
A.6 Heterogeneous ground/mixed face conditions 
A.7 High abrasivity 
A.8 Natural occurring of asbestos (NOA) 
Ad Groundwater pressure combined with high permeability 
A.10 Aggressive groundwater 
A.ll Hot ground/water 
A.12 Gas 
Geotechnical/Structural B.1 Geomechanical desk study and rockmass classification 
B.2 Geomechanical singularity in the proximity of the tunnel 
B.3 Radial rock loading — Squeezing 
B.4 Rockburst/Spalling on the segments 
B.5 Swelling 
B.6 Anisotropic loads and convergences 
B.7 Collapse due to ultimate load 
B.8 Discontinuity-controlled rockfall 
B.9 Loose rockfall 
B.10 Instability at excavation face 
B.11 Groundwater inflow with flowing ground/water pressure 
Technological Cl TBM cutter wear 
C2 TBM block due to face collapse 
C3 TBM jamming 
C4 Inefficient gripping 
C5 Chemical attack to segments 
C.6 Segment damage (manipulation, transport & erection) 
C7 Segment damage under high/ultra-high thrust 
C8 Segment misalignment or displacement 
C9 Drainage/dewatering system, Drainage holes blockage 
C.10 Ineffectiveness of treatments (grouting) 
C.1l Gap grouting 
C.12 Lack of resources (manpower) 
C.13 Material shortage/Site access difficulty 
Operational D.1 Leakage 
D.2 High infiltration 
D.3 Head loss 


Table 2. Frequency of occurrence. Defined according to MIL-STD-882C (1993). 


Frequency of occurrence (P) 


Level Description Specific Individual Item 


Interval of 
Fleet or Inventory probability 


Likely to occur frequently 


Continuously experienced > 1/10 


Will occur several times Will occur frequently 1/100 — 1/10 
Likely to occur sometime Will occur several times 1/1°000 — 1/ 
100 
Unlikely but possible to occur Unlikely but can reason- 1/1°000°000 — 
ably be expected to occur _1/1°000 
So unlikely, it can be assumed occur- Unlikely to occur, but < 1/1'000'000 
rence may not be experienced possible 
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Table 3. Consequence classes; F: fatality, SI: serious injury, MI: minor injury. Modified after ITA 
(2004) according to the Project peculiarities. 


Consequence classes (I) 


Class 

Description 

N° of Workers F>10 1<Fs10 1F 1 SI 1 MI 

fatalities/ SI>10 1<SIs10 1<MIs10 

injuries in Third parties F>1 1F 1SI 1 MI - 

the spe- SI>10 1<SI<10 1<MIs10 

cific field Loss [% of CV] >2.00 1.00 — 2.00 0.50 — 1.00 0.25 — 0.50 <0.25 
Damage tothe Permanent Permanent Long-term Temporary Temporary 
environment severe minor effects severe minor 
Delay [months] >12 6-12 3-6 A-3 <2 


Table 4. Matrix of risks associated to the construction of the tunnels with TBM. 


Consequence classes (1) 


Frequency of occurrence 


(P) 


Table 5. Definition and qualification of levels of risk. Modified after AFTES (2012). 


R index Qualification of the levels of risk 


Design changes/adaptations are required 


Construction work may not commence until the risk 
has been reduced or removed 
Risk mitigation measures shall be identified 


The hazard shall be managed throughout the project 


No further consideration of the hazard is needed 


The following points represent the concept for the risk level qualification: 


— The combination of the probability of occurrence of a specific event and its impact on the 
project might result in a risk level considered not acceptable (R 2 15). In this case, modifica- 
tions and/or adaptations of the design are compulsory before the beginning of the construc- 
tion works, in order to eliminate all the risk evaluated as unacceptable. 

— Major risks entail possible instability or immediate consequences to workers/equipment/ 
project, which demand immediate corrections. 

— Significant risks entail possible short-term malfunctions/inoperability, which do not block 
the construction process but need mitigation before operation. 

— Negligible and minor risks entail no consequence to the medium-term operability, to be 
managed within the maintenance and operation plan. 
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4.2.5 Stakeholder tolerance 
Solved hazards/risks can imply residual consequences under the applied mitigation measures. 
The level of the acceptability by the stakeholders can be defined within the RMS and would 
represent the target of inspection and maintenance for the specific situation/condition remain- 
ing after the mitigation of the specific risk. 

This operation is dynamic and subject of variation in terms of objects (new situations aris- 
ing during the project construction) or specific acceptability level of the single situation 
because of contingency conditions and particularities. 


4.3 Risk assessment 


Based on the available data and information, a qualitative and a semi-quantitative risk ana- 
lysis have been performed, according to the modified Bayesian approach to the risk control 
(see Cardenas et al. 2012, Zhang et al. 2015, Carlin & Louis 2000, and Swedish Geotech- 
nical Society 2017) where, to capture the relationships among the factors, conditional prob- 
abilities were elicited from experts or established from proven scientific relationships. 

With reference to the suggestions provided by Zhang et al. (2015), regarding Pakal Dul HRT 
project particularities it must be mentioned that extensive geological and geotechnical investiga- 
tions (including surface mapping of rock exposures, aerial photo, satellite imageries and 
exploratory drift) are well acknowledged and always recommended in all projects, but need to 
be calibrated to the actual access and technical possibilities of the specific project and location. 

In Pakal Dul, a large uncertainty is a given feature. Therefore, the design and the relevant 
mitigation of negative fallbacks (risks) take into consideration measures for dealing with 
potentially expectable conditions (hazards) despite not directly detected. 

The evaluations are carried out for two scenarios: 


— Not considering the application of any mitigation measure (but assuming the design solu- 
tion is applied with all due skill and knowledge); 
— Considering the application of the mitigation measures foreseen in the design. 


This Risk Management considers the application of the defined mitigation measures. However, 
in extra-ordinary geological conditions (EGO) specific measures may be defined and are foreseen 
depending on the specific context, but to be calibrated according to the local conditions. 


4.3.1 Qualitative risk analysis 
With the purpose to develop a qualitative risk analysis, the ranges both of the probability of 
occurrence (P) and of the consequences (I) of the events have been assigned according to the 
judgments that have been provided by the Expert Members of the Risk Assessment group. 
This process is valid according to Cardenas et al. (2012). 

The analysis allows qualifying the level of risk (from negligible to unacceptable) associated 
to each identified hazard, both without and with the application of the recommended meas- 
ures of mitigation. 


4.3.2 Semi-quantitative risk analysis 
In order to perform the semi-quantitative risk analysis, the ranges of the probability of occur- 
rence of the events have been assigned with the same method defined for the qualitative ana- 
lysis, and the consequences have been quantified in terms of days lost. 

The procedure adopted to quantify the days lost is summarized in the following bullet points: 


— To each level of frequency of occurrence (Table 2), it has been associated a range of probability; 

— The duration of the activities (e.g. HRTs excavation, grouting works, etc.) provided by the 
construction schedule has been adjusted on the basis of the Designer’s observations; 

— The levels of severity (1 to 5, according to Table 3) have been quantified, in terms of days 
lost, for HRT. As a result, to each level corresponds a number of days lost; 

— For each activity, to each level of severity it is associated a number of days of delay calcu- 
lated on the basis of the normal duration of the activity itself related to the quantification 
of the levels of severity defined for the HRT. 
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44 Mitigation Measures Management 


The Mitigation Measure Management (MMM) is the document that results from outputs of 
the previous levels of the Risk Management process. 

The MMM defines, for each investigated risk, the proper mitigation measures. The document 
has to specify the targets, details, programs and sequences of each individuated measures. 

The MMM is the dynamic working base for the Risk Management Committee (RMC). 


5 CONCLUSIONS 


This paper deals with the Risk Management process defined for Pakal Dul Hydroelectric Project. 
The main conclusions gained by this work can be summarized as follows: 


— Incase more than one reference is considered for Risk Management definition, an accurate 
evaluation should be done in order to avoid possible conflicts between different codes/ 
guidelines/recommendations; 

— The entire Risk Management process can be organized in four levels; 

— The Risk Management System defines the concept and the structure of the entire Risk 
Management process; 

— The Risk Management Plan actualizes the study at the project level and defines the hazards, 
the frequency and consequence/impact classes, constructs the risk matrix and establishes 
the levels of risk; 

— The Risk Assessment evaluates the risk level related to the hazards defined in RMP. In case 
of the assessment is qualitative, the ranges of occurrence (P) and the consequences (I) of the 
events can be assigned according to the Experts’ judgments. The semi-quantitative risk ana- 
lysis is based on the quantification of the consequences, in terms of days lost; 

— The Mitigation Measures Management defines the measures for mitigating the hazards 
identified in RMP within acceptable residual level (quantified in the RA); 

— In case the level of risk associated to a specific event is considered not acceptable, the 
design has to be modified with the main purpose to resolve it. The design cannot be con- 
sidered concluded until all the unacceptable risks have been eliminated; 

— The effective communication and the early coordination between the parties, as well as the 
prompt and precise definition of a coding system are fundamental to limit all shortcomings 
in the risk management process. To this purpose, a Risk Management Committee support- 
ing the construction process should be established. 
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Self-rescue in traffic tunnels - Applications 
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ABSTRACT: | Self-rescue represents the most important and critical safety element in case of fire 
in underground traffic infrastructures. State-of-the-art simulation tools allow for a comprehensive 
simulation of fire scenarios in traffic infrastructures. This paper focuses on sample applications of 
the combined simulation of fire scenarios, traffic management, smoke propagation and self-rescue 
in underground traffic infrastructure. Selected key issues, such as the interaction between emergency 
exits and tunnel ventilation, are reviewed based on real-life examples for road and rail tunnels. 


1 INTRODUCTION AND OBJECTIVES 


Self-rescue is in key safety principle if modern traffic infrastructures. All persons involved in 
an emergency should be able reaching a safe location within a few minutes. Self-rescue should 
generally be completed before the first responders arrive on site. Their primary roles are gener- 
ally to rescue injured persons or persons with reduced mobility and controlling the fire. 

The simulation of self-rescue is an essential component of safety design and safety verifica- 
tion. Relevant fire scenarios are analyzed for assessing the times required for self-rescue and 
verify if tenable conditions can be provided during the whole process. This requires a careful 
analysis of person motion and smoke propagation. The outcome of the analysis depends most 
directly on number and location of emergency exits as well as ventilation design and control. 

One-dimensional (1D) simulation is a well-established approach for the comprehensive ana- 
lysis of fire scenarios in tunnels. All relevant effects, such as tunnel aerodynamics, traffic, fire, 
emergency ventilation and person motions, can be modeled in very realistic manner. 1D simu- 
lation is significantly more rapid and inexpensive than 3D simulation. The price to be paid is 
a loss of detail, particularly concerning smoke propagation and stratification. 

The simulation approach used herein was presented by Bettelini (2011, 2023). This paper 
focuses on practical applications for road and rail tunnels. 

All simulations presented herein were carried out using version 4.8 of the Author’s code 
TunSim. This tool is being used since over two decades for design and design verification of 
road and rail tunnels worldwide. 


2 ILLUSTRATIVE APPLICATION FOR ROAD TUNNELS 


2.1 Tunnel definition 


The analysis and results shall be illustrated based on a hypothetical Alpine tunnel with the 
following real-life characteristics: 


— Length 1500 m, longitudinal slope 5% 
— Ventilation systems: natural ventilation, longitudinal ventilation, semi-transverse ventila- 
tion with concentrated smoke extraction (rapid activation, 90 s after fire onset) 
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— Cross section 65 m? (no smoke extraction) and 55.3 m° (with smoke extraction) 

— Hydraulic diameter 8.0 m (no smoke extraction) and 7.35 m (with smoke extraction) 
— Emergency exits every 500, 250 or 125m 

— 600 veh./h downwards, 300 veh./h upwards 

— Velocity 60 km/h, 10% HGV 

— Peak fire intensity 30 MW, developing linearly from 0 to 30 MW within 10 min 

— Tunnel closure 90 s after fire onset 

— Alert to the user with request to leave the tunnel at 90 s 


In all the following images the positive direction is from left to right and the upper portal is 
at the left, with a uniform longitudinal slope of -5% from left to right. 


2.2 Natural ventilation 


Full results of the analysis with natural ventilation, considering emergency exits every 500 m, 
are presented in Figures 1 to 4. 

Figure 1 shows the evolution of longitudinal air velocity and smoke propagation. Before 
fire onset the air velocity is directed from left to right, in downwards direction. This is due to 
the traffic conditions considered. After fire onset, at t = 0, the traffic effect decays rapidly, 
and the thermal effect of the fire induces a powerful flow reversal. Smoke reaches the left 
(higher) portal 8-9 min after fire onset. 
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Figure 1. Natural ventilation - Longitudinal air velocity (left) and smoke propagation (right). 


Figure 2 shows the vehicle trajectories and the number of vehicles trapped in the smoke. 
The vehicles approaching the fire are stopped, while the vehicle which already passed this loca- 
tion can leave the tunnel undisturbed. 
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Figure 2. Natural ventilation - Vehicle position in time (right) and number of vehicles in smoke (left). 


Figures 3 and 4 show the evolution of the self-rescue process. It is important noticing that 
in this case an escape trajectory per vehicle is shown, since generally the occupants of a car 
escape jointly. Different conditions obvious apply for buses, which shall not be accounted or 
in this paper. 
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The person trajectories, starting from the blocked vehicles, are illustrated on the right. 
Several important effects can be recognized. The fire almost immediately blocks the 
emergency exit located at 1000 m. Self-rescue for the persons in the immediate vicinity 
of the fire starts almost immediately (30 s preparation time) and is directed away from 
the fire. Left of the fire, it is clearly recognized, how the initiation of self-rescue is trig- 
gered by the escaping persons. This “herd effect” is well known from empirical research 
and practical experience. Persons located at larger distances react short time after the 
alert is issued. Self-rescue for the persons on the right of the fire is triggered by the 
approaching smoke. The escape trajectories clearly illustrate the impact of visibility and 
smoke inhalation. In smoke-free areas, escape occurs with an average speed of 1 m/s 
(input value). Escape velocity rapidly drops as soon as the persons are reached by the 
smoke and further drops with increasing smoke inhalation. If an emergency exit cannot 
be reached in time, escaping persons are incapacitated and stop. 
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Figure 3. Natural ventilation - Person position in time (right) and self-rescue evolution (left). 


The right side of Figure 4 provides a closer analysis of the unsuccessful escape histories. 
A triangle marks the starting and a cross the final position of all incapacitated persons. This 
provides important insight for improving safety. The most obvious paths for improvements, 
ventilation and reduced distance between emergency exits, shall be explored in the following 
sections. 

The left-hand side of Figures 3 and 4 shows important statistical information of the 
progress of self-rescue. The time evolution of the number of persons waiting, escaping, 
in safety or incapacitated is presented. Initially most persons are still either in motion 
or waiting in their vehicles. Around 2 min after fire onset, after alert and a short prep- 
aration time, the self-rescue process starts everywhere in the tunnel. A turning point is 
reached around 7 min after fire onset, as smoke reversal impacts several persons escap- 
ing to the left. 
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Figure 4. Natural ventilation - Person position in time (right) and self-rescue evolution (left). 
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2.3 Influence of distance between emergency exits 


Figure 5 illustrates how additional emergency exits can improve the situation. A reduction of 
the distance between emergency exits from 500 to 250 m shows limited benefits for the persons 
on the right-hand side of the fire, which are trapped by the rapid initial smoke propagation 
due to traffic. Conversely, additional emergency exits are very helpful on the left-hand side, 
where all escaping persons can safely reach an emergency exit before being reached by the 
smoke front. Generally, reduction of the distance between emergency exit represents an excel- 
lent safety measure in case of large tunnel slope. 

A further reduction of the distance between emergency exits from 300 to 150 m provides 
additions benefits, as shown in Figure 6. 
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Figure 5. Natural ventilation, emergency exits every 300 m - Person position in time (right) and 
self-rescue evolution (left). 
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Figure 6. Natural ventilation, emergency exits every 150 m - Person position in time (right) and 
self-rescue evolution (left). 


These sample results illustrate an important finding with general validity: a distance of 
500 m between emergency exits is generally not acceptable for tunnels with large longitudinal slope. 


2.4 Choice of ventilation system 


Longitudinal ventilation provides the possibility of mastering the longitudinal air velocity and 
thus slowing down smoke propagation. As shown in Figure 7, this is particularly useful for 
reducing the negative effects of the reversal of smoke propagation. The benefits in case of bidir- 
ectional traffic coupled with large longitudinal slope are significant, but intrinsically limited. 

The adoption of a ventilation system with concentrated smoke extraction provides 
the potential for a significant reduction of smoke propagation, as shown in Figure 8. 
In this particular case it can be seen that the combined effect of reduced distance 
between emergency exits and smoke extraction results in a very significant improve- 
ment of self-rescue conditions. The only residual victim is a person, which was directly 
involved in the fire. 
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Figure 7. Longitudinal ventilation (6 groups x 2 jet fans, static thrust 2400 N per unit), emergency exits 
every 300 m - Person position in time (right) and self-rescue evolution (left). 
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Figure 8. Semi-transverse ventilation (extraction rate 3 m/s x tunnel cross section) with concentrated 
smoke extraction, emergency exits every 300 m - Person position in time (right) and self-rescue evolution 
(left). 


This short analysis illustrates the power of 1D simulation of fire scenarios and detailed 
self-rescue analysis for road tunnels. The analysis of selected scenarios can be used for 
identifying potential safety issues and avenues for improvements. In this context, some 
lack of precision due to approximate modeling of smoke stratification etc. only repre- 
sents a minor concern. 


3 ILLUSTRATIVE APPLICATION FOR RAIL TUNNELS 


3.1 Tunnel definition 


A hypothetical double-track rail tunnel shall be defined for illustrating the analysis of self- 
rescue in a rail tunnel. The tunnel characteristics are: 


— Length 5000 m, longitudinal slope 1% 

— Natural ventilation systems 

— Cross section 100 m? 

— Hydraulic diameter 10.0 m 

— Emergency exits at 1000, 500 or 250 m 

— Passenger trains: length 400 m, speed 120 km/h 

— Freight trains: length 800 m, speed 80 km/h 

— Fire on a passenger train, located at the center 

— Peak fire intensity 10 MW, developing linearly from 0 to 10 MW within 10 min 


In all the following images the positive direction is from left to right and the upper portal is 
at the right, with a uniform longitudinal slope of 1% from left to right. 
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3.2 Reference scenario 


The reference scenario is presented in Figure 9. The fire train enters at t = 0 with a speed of 
120 km/h. It stops after 75 s at 2500 m from the entry portal. Further trains follow: a freight 
train enters 2 min later with a speed of 80 km/h. This train is stopped 2 min after stop of the 
first train, 3.25 min after entering the tunnel. A further passenger train enters from the opposite 
portal | min after the fire train. The trains not directly impacted by the fire are stopped and 
reversed 5 min after stop, with a speed reduced to 30 km/h. This reduction has the objective of 
limiting the aerodynamic disturbance to smoke propagation. The complex evolution of longitu- 
dinal air velocity and the corresponding smoke-propagation patterns are presented in Figure 9. 
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Figure 9. Train motion, longitudinal air velocity and smoke propagation. The fire train (a passenger 
train) is shown in red, the other trains (a passenger on the right and a freight train on the left) in blue. 


The resulting self-rescue history is presented in Figure 10. In this particular case it is assumed 
that the number of persons on the train is small, and no queuing of persons needs to be 
accounted for. 10 trajectories are generated at 5 locations along the train length, assuming that 
the 2 persons at each location generally select different escape direction, if possible. The first 
persons leave the train 1 min after train stop. A second wave is released 2 min later at the same 
locations, simulating the last persons to leave the train. 
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Figure 10. Person position in time (right) and self-rescue evolution (left) - Emergency exits ever 1000 m. 


Due to the initial dominating smoke-propagation patterns, the persons on the right-hand side of 
the fire are trapped in the fire from the beginning. None of them decides to escape towards the fire, 
to the left. Their chances for self-rescue are not favorable. Much better conditions apply for the per- 
sons on the left-hand side of the fire. The ones escaping to the left reach an emergency exit before 
they are endangered by smoke reversal. The ones escaping to the right see the smoke and reverse 
their escape direction. The loss of time results in reduced self-rescue chances. The persons waiting, 
escaping, saved of incapacitated on the left-hand side of Figure 10. The persons are counted in 
terms of groups, one unit corresponds to persons leaving the train in one direction at any time step. 
In the present case the total number is 5 locations x 2 escape directions x 2 time steps = 20 units. 

Barometric portal pressure differences can have a significant impact even for this compara- 
tively long tunnel. The same scenario, but with a barometric overpressure of 30 Pa at the right 
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portal, is shown in Figure 11. A more rapid reversal of smoke propagation occurs. This results in 
improved self-rescue conditions on the right at the cost of less favorable conditions on the left. 
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Figure 11. Smoke propagation and self-rescue pattern for the scenario presented in Figure 9 but with 
30 Pa barometric pressure difference at the right portal - Emergency exits every 1000 m. 


3.3 Modified train schedule 


A modified setup is investigated in Figure 12. The crossing train enters the tunnel | min after the 
fire train with 120 km/h. As shown in Figure 12, this train can’t be stopped and crosses the fire 
train short after its stop. In this case this train is slowed down only after crossing and leaves the 
tunnel at 30 km/h. The resulting air velocity and smoke-propagation pattern is shown in Figure 12. 
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Figure 12. Train motion, longitudinal air velocity and smoke propagation. The fire train (a passenger 
train) is shown in red, the other trains (a passenger on the right and a freight train on the left) in blue. 


The resulting self-rescue patterns, Figure 13, show that conditions for self-rescue are not 
acceptable. The initial flow propagation in one direction, coupled with a rapid flow reversal, 
results in unfavorable self-rescue conditions on both sides of the fire. Clear benefits are 
achieved reducing the distance between the emergency exits, as shown in Figure 14. 
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Figure 13. Smoke propagation and self-rescue pattern for the scenario presented in Figure 12 — Emer- 
gency exits every 1000 m. 
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The results of the analysis for these comparatively simple scenarios clearly show, that the 
accepted distances between the emergency exits (in Europe generally 1000 m for single-tube 
tunnels and 500 for double-tube tunnels) are frequently excessive. Much better results are 
achieved using values around 300-350 m, which represent the de-facto standard for the large 
Alpine tunnels. 
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Figure 14. Smoke propagation and self-rescue pattern for the scenario presented in Figure 12 — Emer- 
gency exits every 250 m. 


4 CONCLUSIONS AND OUTLOOK 


Simulation of self-rescue scenarios represents a key element of risk analysis. Modern 
approaches allow for a very realistic simulation of person motion also in complex configur- 
ation. The comprehensive 1D simulation of complete fire scenarios including self-rescue pro- 
vides direct evidence of the safety level of the infrastructure considered. The results provide 
direct insight into possible safety issues and immediate guidance for enhancements. 

The results clearly show the importance of selecting an appropriate combination of self- 
rescue facilities and ventilation system. This is particularly important in case of unfavorable 
conditions, such as frequent congestion of high longitudinal tunnel slope. 

A further important finding is that the minimum normative requirements on emergency 
exits generally used for designing rail and road tunnels lead in several cases to unsatisfactory 
results. A critical verification of the minimum requirements represents a key element of safety 
design, which should be mandatory for each design task. 
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ABSTRACT: | Self-rescue represents the most important and critical safety element in case of 
fire in underground traffic infrastructures. Ideally, all persons should vacate the underground 
space immediately after fire onset without leaving their vehicles. In case of self-recue on foot, 
through the tunnel portals or through emergency exits, they will move in a hostile environ- 
ment and will be exposed to several risks. The primary requirements for successful self-rescue 
are the availability of emergency exits, an appropriate smoke-management system and spe- 
cific, rapid information. These elements must be properly accounted for at design stage. 
Advanced simulation techniques provide excellent tools for analysis and design. This paper 
focuses on the combined simulation of fire scenarios, traffic management, smoke propagation 
and self-rescue in underground traffic infrastructure. 


1 INTRODUCTION AND OBJECTIVES 


An essential safety principle for traffic infrastructures is that all persons involved in an emer- 
gency should be able reaching immediately a safe location, ideally the outside, with their own 
means. This is necessary, because the time required for intervention is frequently long com- 
pared with the relevant time scales of fire development and smoke propagation. 

Persons escaping on foot in an underground infrastructure are exposed to a number of 
severe threats due to vehicles, heat, smoke and toxic combustion products and many more. 
Vehicles not directly affected by the fire should leave the tunnel or should be prevented from 
entering the tunnel. This is associated in particular to fire detection and traffic management. 
Such important aspects shall not be discussed herein. 

This paper focuses on self-rescue of tunnel users in case of emergency and more specifically 
on its simulation. It is assumed that vehicles are blocked inside the infrastructure and self- 
rescue occurs on foot within the tunnel. This is the case e.g. for all vehicles trapped in a traffic 
jam or blocked by the fire in road tunnel. In the case of rail and metro system, we shall pri- 
marily focus on the fire train. During self-rescue, persons must leave their cars and trains and 
escape on foot. They are exposed to an unknown, hostile, environment and shall reach as rap- 
idly as possible a safe location. For the purposes of the present paper, it is not necessary dis- 
tinguishing between final escape to the outside or to underground protected locations, such as 
parallel tunnel tubes or shelters. We shall simply assume that self-rescue leads to an 
adequately protected location. 

The simulation of self-rescue is an essential component of safety design and safety verifica- 
tion. Relevant fire scenarios are analyzed for assessing the times required for self-rescue and 
verify if tenable conditions can be provided during the whole process. This requires a careful 
analysis of person motion and smoke propagation. The outcome of the analysis depends most 
directly on number and location of emergency exits as well as ventilation design and control. 

Several technical mitigating measures play an essential role for the outcome of self-rescue. 
In the present context, they shall be accounted for but not handled in a systematic manner. 
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Conversely, user information and ventilation require a specific treatment since they directly 
impact the simulation and outcome of self-rescue. 


2 SELF-RESCUE 


The literature on self-rescue and human behavior in emergency situations is ample and is con- 
solidated in a number of excellent general references, e.g. NFPA’s Fire Protection Handbook 
and the SFPE Handbook of Fire Protection Engineering. This discussion shall focus on the 
aspects, which are most relevant from the point of view of analysis and simulation. 

In general terms, the relevant stages of self-rescue are as follows (PIARC, Road Tunnels 
Manual): “A closer look into the self-rescue process reveals that the evacuation behavior of 
people can be divided into several phases. At the beginning is the pre-evacuation phase, which 
includes all events before the start of the evacuation and ends with the decision to escape. In 
the subsequent evacuation phase, we can distinguish the pre-movement phase and the move- 
ment phase. During the pre-movement phase, the tunnel user searches for information and 
selects an escape route. The movement phase includes all behavior that tunnel users display 
during the evacuation until they reach an escape target.” 

Empiric research shows that the length of the pre-evacuation phase, before reaching the deci- 
sion to escape, can be long and decisive for the outcome of self-rescue. This delay (which can last 
as long as the escape phase itself, if no proper alerting is provided) depends very much on contin- 
gent situations and is essentially impossible to predict. The safety engineer shall rather focus on 
active measures for reducing it. Proper user information and communications plays here a central 
role. On-board information systems on rail vehicles can be very effective for minimizing time loss 
before evacuation. Radio broadcast and public address systems, possibly integrated by optic and 
acoustic signals, play an essential role, and are successfully used in road tunnels. 

The movement phase is particularly important and delicate. The escaping persons seek for 
the best way for reaching a protected area in an unknown and hostile environment, where 
smoke could represent a major threat. Appropriate guidance and sufficient visibility condi- 
tions are essential prerequisites for successful self-rescue. Ventilation plays a fundamental role 
for enabling tenable conditions during the whole self-rescue process. 

Self-rescue can be assessed in terms of (Shields, 2012; SFPE Handbook): “Required Safe 
Egress Time” (RSET, the time between ignition and complete evacuation) and “Available 
Safe Egress Time” (ASET, the time between ignition and the onset of untenable conditions), 
and the safety objective can be formulated as RSET « ASET. 

From a computational point of view, the required time RSET can be expressed as follows 
(SPE Handbook): 


RSET =tg+t,+t.+tj+te 


with 

ta = time from fire ignition to detection 

t, = time from detection to notification of occupants of a fire emergency 

to = time from notification until occupants decide to take action 

ti = time from decision to take action until evacuation commences 

te = time from the start util the evacuation in completed 

Its value depends on several factors, including number and location of emergency exits, 
number of persons and person behavior (see e.g. Noizet (2012) and UPTUN (2008)). The 
RSET can be reduced by means of appropriate technical measures, including user informa- 
tion, signing, lighting etc. Important issues related to persons with reduced mobility shall not 
be addressed herein. 

The available time ASET depends on fire growth and development as well as on smoke 
behavior and smoke-management measures. This can be actively influenced by technical 
measures such as fire ventilation and FFFS. According to NFPA 130, a tenable environment 
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is defined as “an environment that permits the self-rescue or survival of occupants”. NFPA 
130 specified the following tenability conditions: 


— Smoke obscuration and visibility conditions: Min. 30 m for internally illuminated signs 
and min. 10 m for walls and doors or externally illuminated signs 

— Heat effects: Exposure temperature < 60°C for 10 min and radiant heat exposure < 2.5 
kW/m? 

— Carbon monoxide: FED < 0.3 (FED = Fractional Equivalent Dose) 

— Air velocity < 11 m/s 


Practical experience shows that in tunnel environments tenability conditions are mostly 
limited by visibility. A visibility level lower than 10-20 m at 2-2.5 m over the escape paths is 
generally critical. 

The concept of panic is particularly important in the perspective of self-rescue management 
and analysis. Schultz (1968) defined panic as “A fear-induced flight behavior, which is nonra- 
tional, nonadaptive, and nonsocial, which serves to reduce the escape possibilities of the 
group as a whole”. As such, person behavior in case of panic irrational and unpredictable and 
cannot be simulated. However, there is sufficient evidence that panic is a rare phenomenon. 
“Panic is very rare even in fires. Normal patterns of behavior, movement route choices, and 
relationships with others tend to persist during emergency situations” (SFPE Handbook). 
Similarly, UPTUN (2008) concludes that “the preliminary phase is characterized by insecur- 
ity, misinterpretations, indecisiveness, and information searching in order the existence of the 
fire to be confirmed. Although psychological conditions like stress and anxiety deteriorate 
people’s ability to comprehend and solve problem, they rarely lead to panic and irrational 
actions.” However, according to UPTUN (2008), “in a serious situation panic behavior arises 
when people fear that they cannot escape”. This remark obviously has far-reaching implica- 
tions for safety design and operation. 


3 SIMULATION OF SELF-RESCUE 


3.1 Objectives and levels of simulation 


Simulations of fire scenarios are generally carried out for design or for design-verification pur- 
poses. A special application is the assessment of consequences for QRA (Quantitative Risk 
Analysis). A key objective at design stage is design optimization, particularly in terms of self- 
rescue (egress routes and emergency exits) and ventilation (ventilation design and ventilation 
control). Both ventilation and escape routes are cost-intensive components, which should be 
optimized jointly. In fact, the primary objective of ventilation is keeping the egress routes free 
of smoke during the entire self-rescue process. The analysis required in the framework of safety 
analysis is carried out along similar lines, but generally cope with an existing safety design and 
point at the assessment of residual risks, particularly in terms of number of victims. 

Several levels of simulation can be used for different purposes. In simple cases, global 
approaches along e.g. the lines defined by NFPA 130 can be sufficient. They rely on empirical 
data and require a very limited amount of computation. The results can be assessed directly 
based on specific criteria, such as the ones stated in NFPA 130 for underground rail stations: 


— There shall be sufficient egress capacity to evacuate the platform occupant load from the 
station platform in 4 minutes or less. 

— The station shall be designed to permit evacuation from the most remote point on the plat- 
form to a point of safety in 6 minutes or less. 


On the other end of the complexity spectrum, comprehensive approaches based on CFD 
and detailed simulation of person motion provide very detailed information for assessing 
RSET and ASET in a very accurate manner. From the point of view of person motion, one 
can roughly distinguish between “macroscopic” (fluid dynamic) and “microscopic”, individual 
models. The former treats the flow of persons as a fluid, the latter accounts for every 
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individual person, with specific characteristics and moving pattern. “Microscopic” approaches 
provide particularly realistic results, at the expense of an increased modeling effort. 

The simplest approaches provide only limited insight into the self-rescue process. They can 
point at weaknesses of the safety system, but generally deliver little guidance for improving 
design. Comprehensive approaches deliver a great detail and insight on person motion and smoke 
propagation but are generally too expensive for general use at design stage. This kind of analysis 
is frequently limited to the most representative scenarios and to limited parameter variations. 

One-Dimensional (1D) simulation represents a very powerful and appealing approach both 
at design and design-verification stage. It offers a number of distinct advantages compared to 
other approaches: 


— Capability of analyzing full fire scenarios in a comprehensive manner, including e.g. 
dynamic traffic behavior, ventilation control, meteorologic and thermal conditions 

— Possibility of testing different ventilation systems and smoke-management scenarios 

— Easy variation of number and location of emergency exits 

— Coupling of person motion during self-rescue with all relevant tunnel and traffic parameters. 


The distinct advantage over 1D simulation is the possibility of investigating in a rapid 
manner complete scenarios, which include all relevant aspects and effects. The obvious disad- 
vantage is a significant loss of detail, particularly concerning smoke stratification, which can 
only be assessed in a simplified manner. 


3.2 One-dimensional analysis of fire scenarios 


One-Dimensional (1D) simulation allows for the comprehensive analysis of fire scenarios, 
which accounts for the entire tunnel and for all aspects relevant for person safety at self-rescue 
stage. This allows e.g. for quick investigation of a wide spectrum of safety concepts, such as 
the interaction between selection of ventilation system and allowable spacing of emergency 
exits. This is particularly valuable at early design stages, where the outline of safety design is 
being developed. 

The essential ingredients of 1D simulation models are (for details see Bettelini (2008 & 
2011)): 


— Detailed geometric characteristics of the entire tunnel, including e.g. variation of slope and 
cross section 

— Environmental and boundary conditions, such as barometric pressure differences, portal 
wind and natural temperature differences 

— Comprehensive models for road-traffic, including fluid and congested traffic and traffic 
management in case of fire 

— Comprehensive models for train motion (specification of the different train types involved, 
schedule and train-management in case of fire) 

— Implementation of all relevant normal and fire-ventilation models (natural ventilation, lon- 
gitudinal ventilation, semi- and fully transverse ventilation, hybrid ventilation systems) 

— Implementation of detailed ventilation-control procedures, such as PI controllers for venti- 
lation control, allowing for a precise reproduction of the ventilation-control routines imple- 
mented in a tunnel 

— Fire onset, intensity, and time development 

— Models for smoke propagation and stratification 

— Models for person motion, including smoke interaction and the effects of temperature and 
gas exposure. 


The present discussion partly relates to the Author’s own 1D simulation tool TunSim, 
a powerful and versatile 1D simulation tool for the analysis of rail and road tunnel fire scen- 
arios. The code evolved over the last 20+ years and was applied worldwide. All examples pre- 
sented herein were computed using version 4.8 of TunSim. The physical models and code 
validation were presented in Bettelini (2008 & 2011). 
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Typical, powerful applications of 1D simulation at design stages focus on ventilation 
design and optimization and emergency exits. Ventilation and emergency exits are two 
intrinsically interdependent elements of the safety chain. An appropriate tradeoff 
between these cost-intensive elements can have very beneficial impacts on both safety 
and construction cost, particularly in the case of existing tunnels. Typical applications at 
design stage include: 


— Selection of ventilation system for new road tunnels (e.g. natural ventilation vs. longitu- 
dinal ventilation, longitudinal ventilation vs. complex ventilation system with smoke 
extraction, semi-transverse vs. transverse ventilation) 

— Verification, if safe rail-tunnel operation is allowable with natural ventilation 

— Determination of the allowable spacing of emergency exits, e.g. in case of road tunnels with 
significant longitudinal slope and bidirectional traffic 

— Optimization of ventilation-control procedures. 


The focus at design-verification stage is on the verification of the safety level, which can be 
achieved in an existing or fully designed rail or road tunnel. Representative fire scenarios are 
analyzed in detail with the main objective of verifying if a fair chance of self-rescue can be 
provided to the users in the tunnel. Detailed scenario analysis represents, jointly with QRA, 
a key component of the safety verification process. While QRA provides global information 
on the overall safety level, the analysis of representative fire scenarios allows assessing the 
need for additional safety measures and a precise evaluation of the residual risks. 

Finally, 1D analysis is frequently a key element of QRA. Its flexibility and relative simpli- 
city allow for the rapid simulation of a very large number of scenarios, which are needed for 
a representative quantification of the consequences in terms of number of victims. 3D simula- 
tion delivers significantly more detailed and reliable results (particularly in terms of smoke dis- 
tribution, visibility, thermal and radiant load etc.) but its higher complexity and cost generally 
leads to severe limitations of the number of scenarios considered and to a loss of 
representativeness. 


3.3 One-dimensional simulation of self-rescue 


Overview 
The key ingredient of the simulation of self-rescue are: 


— Initial location of the escaping persons 

— Preparation time, decision and start of self-rescue 

— Analysis of the self-rescue process and effect of smoke on the conditions of the escaping 
persons. 


These elements shall be reviewed and illustrated in some detail in the following paragraphs 
based on the powerful self-rescue engine implemented in TunSim. 


Vehicle motion and location of escaping persons 

The initial location of the escaping persons mostly depends on the position of the vehicles. In 
the case of road tunnels, the traffic module delivers the position and speed of all vehicles in 
the tunnel. The typical traffic-management pattern for the comparatively simple case of uni- 
directional fluid traffic is presented in Figure 1. More complex situations, such as congested 
or bidirectional traffic, are handled analogously. 

Rail tunnels are significantly simpler from this point of view. Starting from the relevant 
train schedule, train management in case of fire can be specified exactly as foreseen in the 
emergency planning procedures. This includes trains not directly involved in the fire leaving 
the tunnel. All trains, which already passed the fire location leave the tunnel, generally at 
reduced speed, for preventing excessive perturbations of the aerodynamic conditions in the 
tunnel. Crossing or following trains shall generally be stopped and leave the tunnel in reverse 
direction. If this is not possible, trains shall be evacuated in the tunnel or in a rescue station. 
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Figure 1. Overview of the traffic model in case of unidirectional fluid traffic. 


Selection of escape direction 

This is a fundamental step, with a large impact on the outcome of the process. Each person in 
the tunnel will individually select its escape direction based primarily on its location, fire loca- 
tion, distance from emergency exits, smoke conditions etc. The available amount of informa- 
tion varies depending on individual location and time. As an example, users in the immediate 
vicinity of the fire might see it and include this information in their decision process. At larger 
distances, the information available on the fire is much more limited. Before detection and 
alert to the users, there might be no awareness of the emergency situation. It is therefore essen- 
tial, that only the information available at a specific location and time is included in the simu- 
lation process. 

Generally, information on distances to the nearest emergency exits in both directions are 
provided at regular intervals in a tunnel. Less frequently, the escape direction is prescribed by 
means of fixed or dynamic signing. This information could be supplemented by other optical 
devices, such a flashing lights, and voice messages, provided through public-address systems 
and/or direct passenger information to all persons on a train. Escape signage or any other 
kind of guidance could be unavailable in older tunnels. 

Depending on conditions and circumstances, several basic deterministic strategies for the 
individual selection of escape direction should be considered: 


Shortest escape distance 

— Escape towards the left portal 
— Escape towards the right portal 
Escape away from the fire. 


The selection of the most appropriate strategy for modeling self-rescue in any given case 
depends primarily on tunnel characteristics, traffic type and conditions, fire location, available 
user information, signing and guidance etc. As in real life, the general strategy might change 
under specific circumstances. The following elements are accounted for by TunSim: 


— Different strategies apply in the vicinity of the fire, where the fire is visible and directly 
impacts the decision. Therefore, TunSim allows for the specification of different self-rescue 
strategy at different distances from the fire. 

— Users reached by the smoke front will generally escape in the opposite direction, unless an 
emergency exit is located in their immediate vicinity. The arrival of the smoke front can 
also trigger the reversal of escape direction. 

— Large fires will prevent accessing emergency exits located in their immediate vicinity. There 
is therefore a possibility of blocking emergency exits within a given distance from the fire as 
soon as the fire heat-release rate exceeds a given threshold. 

— Persons located in the immediate vicinity of an emergency exit will generally select it as 
escape goal, independently of the prescribed strategy, unless it is blocked by fire. 


There are situations, where different persons at the same location and under identical condi- 
tions might select different escape directions. This possible scatter of individual decisions can 
be mimicked through a random choice between a primary and a secondary self-rescue 
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strategy. In this case, the percentage of persons randomly selecting the secondary strategy can 
be specified. This stochastic variability will lead to some variability in the outcome of self- 
rescue, in spite of identical scenario definitions. This is undoubtedly an omnipresent compo- 
nent emergency management in real life. 


Preparation time and start of self-rescue 

Experience shows that the time interval between fire inception and start of self-rescue can vary 
within a significant range, depending on conditions. There is also a large variability for per- 
sons involved in the same fire incident, depending on fire and person location, but also on 
individual differences. The complexity of the individual decision process can only be 
accounted in a simplified manner in the simulation process. The following elements are 
included in the simulation with TunSim as potential triggers for the individual inception of 
self-rescue, with appropriate time delays and, where appropriate, distances (the relevant 
parameters are specified for each element): 


— Fire detection and alarm to the users (time delay after alarm) 
Vicinity of the fire (time delay vs. fire distance) 

Vicinity of the smoke front (distance and time delay) 

— Interaction with escaping persons (distance and time delay) 


Self-rescue is initiated as soon as one of the criteria is satisfied and the corresponding time 
delay is expired. The influence of escaping persons on the whole self-rescue process is particu- 
larly important. It was shown by empirical research (Norén & Winér, 2003), that the example 
from fellow tunnel users has a powerful triggering effect on self-rescue (“herd effect”). For 
this reason, approaching escaping persons can trigger self-rescue, with a specified delay. 


Analysis of the self-rescue process 

Self-rescue starts individually. Its evolution in time is simulated in a step-by-step manner and 
is coupled with fire development and smoke propagation. The escape velocity for persons not 
affected by smoke inhalation or cumulated thermal loads depends primarily on visibility con- 
ditions. Figure 2 illustrates the decay of escape velocity with increasing smoke concentration 
for irritant and nonirritant smoke. 


Nonirritant smoke 


Walking speed (m/s) 


Irritant smoke 
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Figure 2. Walkins speed in smoke (SFPE Handbook). 


In case of escape in partially or completely destratified smoke, smoke exposition results in 
a decay of physical conditions and a reduced escape velocity. This eventually leads to full 
incapacitation unless an emergency exit can be reaches in time. The simulation of individual 
escape histories is stopped as an emergency exit is reached or at full incapacitation. 

Criteria for reversal of escape direction are implemented for cases, where escaping persons 
are reached by the smoke front. In such conditions, the most appropriate escape direction is 
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reevaluated individually, based on the location of the nearest emergency exit and the propaga- 
tion direction of the smoke front. 


Smoke stratification, visibility and pollutant concentration 
Smoke stratification has both direct and indirect impacts on individual self-rescue histories. 
Visibility conditions directly impact escape velocity, as discussed on the previous section. Add- 
itionally, the stratification level affects thermal conditions and pollutant concentration. The 
cumulated effect of this exposure affects the conditions of the persons escaping in the smoke 
and further decreases their escape velocity. 

Smoke stratification is an intrinsically 3D phenomenon, which cannot be properly assessed 
by means of 1D simulation. A simplified concept is used in TunSim, based on the following 
parameters: 


— Longitudinal air velocity (high values reduce stratification) 

— Distance from fire (stratification tends to decrease at larger distances from the fire herd) 
— Temperature increase inside the smoke layer 

— Vicinity to activated jet fans, which have a strong destratifying effect on a smoke layer. 


A parameter range for partial or full destratification is specified for each parameter, consid- 
ering different levels of overall disturbances (high, intermediate and low). 

Based on these parameters, the level of smoke stratification is evaluated at each time step 
and location in tunnel. This allows assessing the local visibility, thermal impact (temperature 
and radiative load) and smoke concentration (irritant and asphyxiant gases). 


Person conditions and incapacitation 
Exposition to heat and smoke leads to a deterioration of the physical conditions of the escap- 
ing persons. The following parameters are relevant: 


— Thermal conditions (temperature and radiation) 
— Concentration of asphyxiant gases 
— Concentration of irritant gases. 


The evaluation of individual exposure to radiant and convective heat and inhalation of 
asphyxiant gases is based on the concept of fractional effective dose FED. Exposition to irritant 
gases is evaluated based on the concept of fractional effective concentration FEC. The analysis is 
based on the concepts and principles exposed in ISO 13571, SFPE Handbook and PIARC 
(1999). 


4 CONCLUSIONS AND OUTLOOK 


Simulation of self-rescue scenarios represents a key ingredient of risk analysis. Modern 
approaches allow for a very realistic simulation of person motion also in complex configuration. 
The comprehensive 1D simulation of complete fire scenarios including self-rescue provides direct 
evidence of the safety level of the infrastructure considered. Its distinct advantage over other 
approaches is an excellent balance between simulation complexity and result quality. The results 
provide direct insight into possible safety issues and immediate guidance for enhancements. 
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ABSTRACT: Daily and seasonal deformation behavior of immersed tunnels potentially 
impacts the structural integrity. In this study, distributed optical fiber sensors (DOFS) are 
used to instrument both dilation and immersion joints of the Heinenoordtunnel, an immersed 
tunnel in the Netherlands. This DOFS system proves capable of measuring joint opening and 
uneven settlement at half-hour intervals. The field monitoring shows the Heinenoordtunnel 
behaves more like a rigid body and exhibits a cyclic vertical movement under daily tide 
impacts over a period of 12 hours. Moreover, the joints show a cyclic seasonal opening which 
is negatively correlation with temperature variations, i.e. the tunnel joints are compressed 
when the outside temperature rises and vice versa. These monitoring results provide new 
insights into the daily and seasonal deformation of immersed tunnel structures. 


1 INTRODUCTION 


Immersed tunnels have been widely constructed as fixed links beneath waterways. Currently, 
more than 150 immersed tunnels have been built and are in-service worldwide, since the first 
traffic-use immersed tunnel, the Detroit River Tunnel, was completed and opened in 1910s. 
About one-third of them have reached an over-50-year service period (Lunniss and Baber, 
2013). As more immersed tunnels are reaching half of their designed lifespan, and start to 
show their age, monitoring the structural health conditions has increasingly become an 
important aspect in immersed tunnel maintenance. 

In conventional deformation monitoring of immersed tunnel, measuring vertical settlement 
by manual leveling, at yearly or multi-year intervals, is still the dominant monitoring tech- 
nqiue employed, especially for older immersed tunnels. This method is for example used in 
most immersed tunnels in the Netherlands. However, there are indications that the seasonal 
deformation of the tunnel may affect structural safety and watertightness. For example, in 
some tunnels the seasonal expansion and shrinkage of the tunnel segment changes the concrete 
crack width and leads to periodical increases in leakage volumes (Limfjord, 2019); at tunnel 
joints the seasonal deformation may cause decompression of the GINA gasket seal and 
impose a subsequent leakage risk (Gavin et al. 2019; Van Montfort, 2018), or be related to 
seal gasket damage (Bai and Lu, 2016; Wang et al., 2020). Moreover, it has been hypothesized 
that a daily tidal fluctuation in the waterway above the tunnel can cause a cyclic vertical 
response of the tunnel (Grantz, 2001), but there are very limited studies on this aspects since 
the (too) low frequency of the conventional monitoring practice can not verify these claims. 
Therefore, a study into the daily or seasonal deformation behavior of immersed tunnels will 
firstly require the implementation of a higher-frequency monitoring system, capable to oper- 
ate with daily or even sub-hourly intervals. 

Distributed optical fiber sensing (DOFS) is a type of sensing technology that offers advan- 
tages such as distributed strain and temperature sensing, combined with long-distance sensing, 
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where measuring strain and temperature variation over a hundred kilometers is possible with 
a single optical fiber loop (Lopez-Higuera et al., 2011; Ohno et al. 2001). DOFS provides 
a high potential to develop a remote-controlled deformation monitoring system for an in- 
operation immersed tunnel that can perform at higher frequency measurements than the cur- 
rent settlement monitoring by manual leveling can achieve. 

In this study, distributed optical fiber sensors (DOFS) are utilized to develop a joint 
deformation monitoring system for the First Heinenoordtunnel in the Netherlands, an 
immersed tunnel opened in 1969. This DOFS monitoring system proves capable of measuring 
both immersion and dilation joint deformation in two dorections (joint opening and uneven 
settlement), at half-hour intervals. This field monitoring supports an investigation into the 
daily behavior of the Heinenoordtunnel under tidal variation, and a data-collection over 
a one-year period also reveals the seasonal behavior of the immersed tunnel. The findings in 
this study provide new insights into the behavior of immersed tunnels. 


2 FIELD SENSOR INSTALLATION AND MONITORING 


2.1 The distributed optical fiber sensor (DOFS) 


In this study the DOFS based on Brillouin light scattering is used. It has been demonstrated 
that Brillouin scattering occurs when light propagates along an optical fiber, where the fre- 
quency of the Brillouin backscattered light is shifted from that of the original light, and this 
Brillouin frequency shift (BFS, noted as 4f) is linear to the temperature variation (AT) and 
fiber strain (¢) (Motil et al, 2016), as given in Equation (1): 


Af = Ce + CAT (1) 


where C, and C, are strain and temperature sensitivity coefficients, which are constant proper- 
ties of the optical fiber. By separately measuring the local temperature, preferably utilizing an 
unstrained parallel fiber section, the temperature component C,AT can be deducted and the 
imposed strain distributed along the fiber axis can be therefore obtained. 

A complete DOFS system is generally composed of an optical fiber (as the sensing fiber) 
plus a signal interrogator. In the monitoring setup, the optical fiber is attached to the structure 
for a specific sensing task, and either one or both fiber ends are connected to the interrogator. 
Commercially available interrogator types include Brillouin Optic Time-Domain Reflectom- 
etry (BOTDR), Brillouin Optic Time-Domain Analyzer (BOTDA), Brillouin Optic Fre- 
quency-Domain Analyzer (BOFDA) (Lopez-Higuera et al., 2011; Motil et al., 2016). In this 
study a BOFDA interrogator is adopted for data collection, which requires both fiber ends 
plugged in and a complete fiber loop to be established for higher accuracy and resolution. 


2.2 Instrumentation of the Heinenoordtunnel joints with DOFS 


The First Heinenoordtunnel (hereafter referred as the Heinenoordtunnel) is a rectangular 
immersed tunnel under the Oude Maas River in the Netherlands. This tunnel was finished and 
opened to service in 1969. The immersed tube section of the Heinenoordtunnel is about 574m 
long. Longitudinally it consists of 5 concrete elements, each about 115m long, connected with 
immersion joints. Every single element is further divided into 6 segments each about 19m 
long, with dilation joints between, see Figure 1. 

Throughout the service period, deformation monitoring of the Heinenoordtunel was mainly 
limited to vertcal settlement monitoring, measured by manual leveling, at several points along 
the tunnel axis. Significant uneven settlement has occurred along the immersed tunnel since 
the reference measurement in 1978. A measurement in 2018 revealed a maximum settlement 
difference of about 43mm longitudinally along the immersed section. The structural integrity 
of the tunnel has become an issue and at two dilation joints significant leakage has been 
observed previously. Observations from similar immersed tunnels and lab experiments show 
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Figure 1. Sideview of the First Heinenoordtunnel. 


that seasonal temperature variation may have negative impact on the structural safety, but 
this could not be validated for the Heinenoordtunnel since monitoring with yearly interval 
was unable to detect any seasonal behavior (Rahadian et al., 2018). The DOFS is therefore 
utilized to instrument all joints of the Heinenoordtunnel and form a remote-controlled moni- 
toring system which allows to measure the joint opening and uneven settlement (between both 
sides of the joint) at a high frequency (in the order of once per hour). 

Notably a DOFS only directly obtains the fiber strain (after decoupling the temperature 
effect) in the direction of the fiber axis. In order to measure the joint deformation (or displace- 
ment), the sensing fiber needs to be installed in a special layout so as to effectively sense the 
anticipated displacements. Here the optical fiber section at the joint is installed to function as 
two extensometers, with one aligned horizontal and the other inclined, see Figure 2(a). By 
analyzing the strain changes within the two extensometers, the joint opening and uneven 
settlement can be derived. During installation, FL1 is oriented horizontally and FP1 and FP3 
are aligned on a vertical line (along the Z-axis in Figure 2(a)). If a measurement is made at 
interval i, the relation between BFS and lengths of FL1/FL2 can be established as: 


hiehUdtau=h (1 +2 G 
hi = h(1 +4) = b(i ti) 5 


and the height difference between FP! and FP3 is given by: 


m= 4B -h (4) 


where /; ;//; are the lengths of FL1/FL2 at interval i; 4f,,;/4fo; are the measured BFSs of 
FL1/FL2 at interval i (decoupling temperature component); ¢);/é2; are the strains of FL1/ 
FL2 at interval i; Ay; is the joint opening at interval i; and A; is the height difference between 
FP1 and FP3. Note for another measurement at interval j, the relation of Equations (2) to (4) 
still holds and the joint opening (relative to interval 7) can be calculated as the FL1 extension 
as (/,; — /,;), while the uneven settlement as the change of height difference (h; — hj). 

The applicability of the designed sensor block for joint deformation measuring has been 
validated experimentally by Zhang and Broere (2023). The designed sensor layout can effect- 
ively detect two-directional joint deformations with sub-millimeter accuracy. In the subse- 
quent field installation, an optical fiber (type NZS-DSS-C07 manufactured by Nanzee Sensing 
Company) with a diameter of 2mm was adopted. This type of fiber has a strain sensitivity of 
48.55 MHz/0.1% and a maximum working strain of above 1.2% (Zhang and Broere, 2022). 

For the convenience of sensor installation in the field, the optical fiber is firstly bonded to 
small fixing pads at designated points, see Figure 3(b), and in the tunnel these three pads are 
mounted on the wall at precise distances. Special external cover boards are also prepared to 
protect the bare sensing fiber from potential impacts. The fiber lengths FL1 and FL2 are 
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Figure 2. Field sensor design and installation: (a) designed sensor block and (b) field sensor installation. 


aligned with a 45-degree angle, and the gauge lengths of FL1 for dilation and immersion 
joints are 800mm and 1350mm respectively. Note that fiber line 3 (FL3) in Figure 3(b) is 
unstrained and aligned parallel to FL2 just for the sake of ease for installation of the cover 
boards. 

A BOFDA interrogator, typed fTB2505 manufactured by fibrisTerre Systems GmbH, 
is used to measure the Brillouin frequency shift. This device has a stated spatial reso- 
lution of 0.2m (up to 2km), a spatial accuracy of 0.05m, and strain measuring accuracy 
of 2 micro-strain, according to fibrisTerre (2021). The BOFDA interrogator directly 
measures the BFS of FLI and FL2 within a sensor block, and the BFS is further trans- 
ferred to joint deformations using Equations (2) to (4). At each joint, the BFS of 
a short loose fiber length (about 40cm long) adjoining the strained fiber lines is recorded 
for temperature correction, and thus the temperature effects can be deducted from the 
total BFS of the tensioned FL1 and FL2. 

The installed DOFS system in the Heinenoordtunnel can simultaneously measure two- 
directional joint deformation and temperature at designated sampling intervals. The first 
monitoring period started from December 16, 2020, with 13 joints (from north end, see 
Figure 1) instrumented; the second monitoring period started from June 11, 2021, with al 30 
joints (from tunnel center to south end) monitored. Note that the second dilation joint within 
the fifth element was not instrumented due to space limitations imposed by tunnel signage. 


3 MONITORING RESULT ANALYSIS 


3.1 Daily deformation behavior analysis 


In the joint deformation analysis, the different deformation modes are illustrated in Figure 3. 
For joint opening, a negative value indicates a joint closure relative to the reference measure- 
ment, while a positive value means a joint gap opening. For uneven settlement, if the north 
side (of the joint) is assumed static, a positive value indicates the south side moves upwards, 
while a negative value means a downward settlement. 

From the start of the second monitoring period from June 11, 2022, measurements of joint 
opening and uneven settlement for a total of 30 joints are available. As a representative result, 
the the joint deformation behavior of three successive days (June 14 to 16, 2021, with deform- 
ation on June 11 taken as the reference state) are shown here in Figures 4 to 6. The plots expli- 
citly show the general tendency of joint deformation within a daily period, as well as the 
highly distinctive behaviors of certain joints. 
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Figure 3. Joint deformation mode analysis (not to scale, viewed from outside tunnel). 


The temperature results in Figure 4 depict a high degree of consistency in impact of 
the temperature fluctuation at all joints, while a small temperature difference (with 
a maximum of about 5 degrees) exists between the 30 joints. The joint openings, 
during this time span, lie within a range between -0.15 and 0.35mm, as shown in 
Figure 5. It can be observed that the joint opening is typically negatively correlated 
with temperature change, indicating that a decrease in temperature corresponds gener- 
ally to an increase in joint opening. 

The results in Figure 6 indicate that for most joints the uneven settlement does not 
show a fluctuation as significantly as the joint opening. However, the most distinctive 
behavior is that of the first and last immersion joints, indicated as Joint-1 and Joint-6 in 
Figure 6, which show two daily throughs. This daily cyclic pattern of observed uneven 
settlements indicates the impact of tidal fluctuations in the River Oude Maas above the 
tunnel. The uneven settlements of the other 28 joints do not exhibit a similar cyclic 
behavior. As Joint-1 and Joint-6 form the north and south ends of the immersed section 
(see Figure 1), the regular troughs indicate the entire immersed tunnel section, almost as 
a rigid body, moves up and down cyclically. 

The Heinenoordtunnel is located inside the estuary of the River Maas, which is still 
impacted by the North Sea’s tidal fluctuations. Figure 7 shows the tidal levels plus the uneven 
settlement at the two end immersion joints. The tidal data is obtained from the Goidschal- 
xoord tidal station, approximately 4 km downriver from the Heinenoordtunnel site. The tidal 
curve shows a tidal variation between 1.1 to 1.4 m within the expected period of 12 hours and 
25 minutes (Rijkswaterstaat, 2022). As seen in Figure 7, it is interesting that the immersed 
tunnel settles downward when the tide rises and returns upward as the tide falls as in Figure 8. 
The amplitudes of the daily cyclic deformation (the maximum difference of uneven settlement 
within a daily period) of Joint-1 and Joint-6 are slightly different. For example, on June 14 the 
amplitude of this cyclic movement is about 0.30mm at Joint-1 and about 0.23mm at Joint-6. 
This implies the two ends of immersed section response slightly differently to tidal impacts. 
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Figure 4. Measured joint temperature. 
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Figure 5. Measured joint opening. 
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Figure 6. Measured joint uneven settlement (y-values for I6 plotted inverted). 
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Figure 7. Uneven settlement of joint Iland I6 (y-values inverted) with tide (June 12 to 14). 
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Figure 8. Schematic of cyclic movement of Heinenoordtunnel under tidal impact. 


3.2 Seasonal deformation behavior analysis 


The first 13 joints instrumented from the first monitoring period onward were monitored for 
a one-year period, from December 16, 2020 to December 10, 2021. Figures 9 shows the joint 
opening of these joints during the entire period. In general, the three immersion joints exhibit 
a greater joint opening than the majority of the dilation joints, with the exception of the first 
dilation joint from the north end of the tunnel, which displays the most significant deformation 
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(-5.18 to -0.26 mm, see Dilation joint-1 in Figure 9). Compared to the three immersion joints 
and the first dilation joint, the deformation range of the remaining nine dilation joints (between 
-2.0mm and +1.0mm) is substantially lower. 

Notably, the local jump in joint opening on two of the curves (for the second and third 
immersion joints) on February 18 occurred as the result of a two-week monitoring gap and 
was not in all probability not as sudden. It should also be mentioned that the coldest period of 
the year occurred during these two weeks, with temperatures well below zero. As the tempera- 
ture recovered to above zero level after February 18, the openings at these two joints 
decreased dramatically during the days that followed, which indicates that the joint opening 
deformation exhibits a time delay with respect to the ambient temperature change. 

Figure 9 shows that the joint opening exhibits a cyclical behavior through the one-year 
period. The joint opening decreases (indicating a joint gap closure) from spring to summer, 
whereas during the summer (June to September), the joint demonstrates the maximum nega- 
tive opening (namely the largest joint gap closure); after September, the joint opening grad- 
ually increases during the colder period from October to December (a joint gap opening). 
Considering the thermal behavior of concrete segments, the seasonal joint opening deform- 
ation is closely connected to the longitudinal thermal expansion of the segment body. In par- 
ticular, segment expansion narrows the joint gap (causing a joint closure) during the summer, 
but segment contraction widens the joint gap (a resultant joint opening) during the winter. 
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Figure 9. Joint opening of the first 13 joints over one year period. 


Figure 10 displays the uneven settlement of the first 13 joints during the entire one-year 
period. It can be seen that joint uneven settlement is generally small (with an absolute value 
below 1.5mm). The majority of joints only exhibit a deformation range of -0.3mm to 0.5mm, 
indicating a much smaller range than that of joint opening at individual joints. Furthermore, 
joint uneven settlement over a full-year period shows a seasonal variation as well, but this sea- 
sonal variation is not as significant as that of joint openings. 
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Figure 10. Joint uneven settlement of the first 13 joints over one year period. 


4 CONCLUSION 


The main conclusion is that the distributed optical fiber sensor (DOFS) is an effective sensing 
tool to build a monitoring system for immersed tunnel joint deformations, which is also resili- 
ent enough to operate in field conditions. It has been demonstrated in this study to be capable 
of data-taking at half-hour intervals, highlighting its potential in immersed tunnel monitoring. 
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Secondly, monitoring results reveal the daily behavior of the Heinenoordtunnel under the 
influence of tidal variations in the river above the tunnel. The whole immersed section behaves 
more or less like a rigid body and moves upwards and downwards cyclically with tidal vari- 
ations, with a sub-millimeter movement amplitude. 

Thirdly, the field monitoring validates the hypothesis that seasonal periodic joint opening 
occurs at the tunnel joints, and this joint opening shows a negative correlation with tempera- 
ture, indicating that the joint gap tends to close during summer and open during winter. The 
amplitudes of seasonal joint opening at immersion joints are generally larger than those of 
most dilation joints, but at a few dilation joints the amplitude of joint opening is comparable 
to that of the immersion joints. Moreover, at most joints the uneven settlement is within 
a range of less than 1 mm, and this uneven settlement also exhibits a seasonal variation but 
not as significant as that of joint opening. These findings presents new insights into behavior 
of immersed tunnel structure. 
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ABSTRACT: The Tala headrace tunnel comprises a 100% concrete lined, 22 km, 6.8 m internal 
diameter component of the 1020 MW run-of-river hydroelectric scheme located along the Wang- 
chu River in Bhutan that was totally commissioned in early 2007. Construction of the headrace 
tunnel experienced some very adverse geotechnical conditions that required design modifications 
including a reduction of the internal diameter along two areas and a re-alignment of a - 
1200 m portion of the tunnel. The headrace tunnel operated without any issues until late 2018 
when fragments of concrete started to enter into the powerhouse units. An unwatered inspection 
of the headrace tunnel was performed in early 2021 using a remote operated vehicle (ROV) that 
provided a survey of the entire tunnel and an indication of the structural conditions and integrity 
of the tunnel. Based on an independent technical evaluation of the findings of the ROV inspection 
and the perceived associated risks for continued operations, a decision was made to dewater the 
tunnel and perform a manual inspection. The findings of the manual inspection were found to be 
in good agreement with the interpretation of the observations from the ROV inspection that com- 
prised damage in the form of major cracking and exposure of reinforcement at multiple areas of 
the concrete lining consistent with the locations of reduced internal diameter. Advances in sonar 
technology and ROVs have now allowed reasonably accurate identification and interpretation of 
structural damages in operating hydroelectric tunnels. 


1 INTRODUCTION 


Concrete linings for hydroelectric tunnels are typically subjected to variable and oscillating 
internal operating pressures as a result of the seasonal variations of hydraulic discharge that 
therefore results in cyclic loading of the lining. Hence, damages caused to linings that may have 
been under-designed in areas of weak geotechnical conditions may undergo a slow and long 
progression of deterioration with damages only recognised after many years of operations. 

The Tala headrace tunnel (HRT) comprises a 100% concrete lined, 22 km, 6.8 m internal 
diameter component of the 1020 MW run-of-river hydroelectric scheme located along the 
Wangchu River in Bhutan that was totally commissioned in early 2007. Construction of the 
headrace tunnel experienced some very adverse geotechnical conditions that required design 
modifications including a reduction of the internal diameter along two areas and a re-alignment 
of a 1200 m portion of the tunnel. The headrace tunnel operated without any issues until late 
2018 when fragments of concrete started to enter into the powerhouse units. An unwatered 
inspection of the headrace tunnel was performed in early 2021 using a remote operated vehicle 
(ROV) that provided the first survey of the entire tunnel and an indication of the structural con- 
ditions and integrity of the tunnel. Based on an independent technical evaluation of the findings 
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of the ROV inspection and the perceived associated risks for continued operations, a decision 
was made to dewater the tunnel and perform a manual inspection. The findings of the manual 
inspection were found to be in good agreement with the interpretation of the observations from 
the ROV inspection that comprised damage in the form of major cracking and exposure of 
reinforcement at multiple areas of the concrete lining consistent with the locations of reduced 
internal diameter. Figure 1 presents a section of the concrete lining of the Tala headrace tunnel 
that is fully intact and free from any distress or damage from a recent manual inspection. 


Figure 1. Concrete Lining of Tala Headrace Tunnel. 
2 TALA HYROPOWER SCHEME 


2.1 General 


The construction of the Tala Hydroelectric Project commenced in late 1997 and the construc- 
tion of the HRT was completed in November 2004 with the commissioning of the first unit in 
July 2006 and with the final unit commissioned in March 2007. 

The 22 km long headrace tunnel was constructed as a 6.8 m internal diameter of horseshoe- 
shape using traditional drill and blast methods from a total of 5 adits with 11 working faces 
with a layout as presented in the plan and profile layout of Figure 2. The alignment of the 
HRT includes six (6) bends. The total length of HRT was divided into four packages as 
included Figure 2. 


2.2 Encountered conditions during construction 


The tunnel alignment passes through bedrocks comprising biotite gneiss, augen gneiss, gneiss 
with bands of quartzite, biotite schist, muscovite schist, quartz mica schist, calc silicate, 
quartzite and gneiss with subordinate chlorite schist and sericite schist with acid and basic 
bands. The tunnel is mostly parallel or sub parallel to the foliation. Rocks are generally folded 
into open synforms and antiforms. Several cross and foliation shears were intercepted. Water 
seepage of the order of 30 to 500 litres per minute was associated with major shears. 


2.3. Concrete lining design 


The HRT was designed and constructed as fully (100%) concrete lined tunnel with contact 
grouting holes (for filling behind concrete lining against rock) for the different rock classes of 
excavation. 
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The Tala HRT was associated with a large proportion of poor geological conditions that 
completely warranted the construction of 100% concrete lining to prevent erosion/scour of the 
bedrock. The concrete lining varied in thickness from 300 mm (Classes I-III) to 575 mm (Class 
VI) and comprised Grade 20 MPa concrete mix design and it was reported that the average 
quantity of concrete used was 19 m*/m. However, for a nominal 350 mm thick lining the typical 
quantity would be only about 8 m/m or therefore about 50% of what was actually placed 
which therefore indicates that very large overbreak occurred during tunnel excavation which is 
speculated to be a result of the poor-quality geology that was encountered for most of the HRT. 
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Figure 2. Plan of Headrace Tunnel (HRT). 


The internal diameter of the HRT was reduced to 6.5 m along two main sections of 
600 m and 350 m of the locations of difficult geological conditions where squeezing conditions 
with distortion of tunnel support occurred and additional steel arch ribs and a secondary con- 
crete lining was installed along the invert area of the HRT. Finally, appreciable contact and 
consolidation grouting was required for the purposes of void filling and attempted improve- 
ment stiffness of the surrounding rock conditions especially for the sections of difficult geo- 
logical conditions where as much as more than 1000 bags of cement were placed that 
represents large volumes but achieved low post-grouting permeabilities. 


3 HEADRACE TUNNEL HYDRAULICS AND CONCERNS 


The following hydraulic information is associated with the design of the headrace tunnel 
(HRT) and project: 


¢ Length: 22 km; 

e Six (6) bends in alignment; 

¢ Internal Tunnel Diameter: 6.8 m; 

¢ Intake Elevation: 1342.5 m; 

¢ Invert Elevation of End of HRT: 1257.20 m; 

¢ Elevation at Powerhouse: 501.50 m; 

e Total design head: 841 m (Reservoir to powerhouse), and; 

e Maximum internal operating pressure for HRT: 85.3 m or 8.4 bars. 


The flow capacity or average discharge for the HRT is about 137 m*/s that equates to an 
average flow velocity through the HRT of about 3.8 m/s. Based on the large variation of dis- 
charge through the HRT, the variability of flow velocities through the HRT ranges from 
0.5 m/s to 3.8 m/s. 

While the maximum flow velocity of 3.8 m/s is below that recommended for industry prac- 
tice for concrete lined tunnels of 5.0 m/s (Brox, 2011), this velocity represents a high velocity, 
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coupled with the large annual variation, that may result in slow erosion of a concrete lining of 
a lower than typical quality or of protruding aspects of a concrete lining. In addition, flow 
velocities increase around bends or changes in alignments that can result in further erosion. 
The flow velocity for the reduced cross section areas of 6.5 m diameter is however about 
4.6 m/s which is considered to represent a high risk for abrasion particularly for low strength 
concrete as was used for the headrace tunnel. 

Debris as concrete slabs/fragments have been observed to have passed through the turbines 
into the powerhouse based on observations during routine maintenance. The first identifica- 
tion of debris was in September 2018 and a total of 18 events of debris have been identified to 
August 2021. Figure 3 presents a summary of the debris observed to have passed into the 
powerhouse of about 2100 kilograms. The concrete slabs/fragments were documented upon 
the occurrence of vibration, load reduction and inspections of the units which was typically 
based on a frequency of 1500 hours of operations. 


Figure 3. Summary of debris into powerhouse. 


It is noted that there were no losses of internal operating pressure or any indications of any 
leakage from any location along the headrace tunnel. 


4 UNWATERED ROV INSPECTION AND RESULTS 


4.1 ROV inspection — Saab Sabertooth 


Remote operated vehicles (ROVs) have been used for underwater inspections of dams and 
other hydraulic structures for decades and more recently have been increasingly used espe- 
cially for the inspection of long hydroelectric tunnels. An unwatered ROV inspection was per- 
formed in March 2021 by Hibbard Inshore that was completely warranted and represented 
good industry practice and a smart decision by the project client given the ongoing occurrence 
of concrete blocks entering into the powerhouse. Brox (2020) presents recommendations and 
a criteria for the inspections of hydroelectric tunnel for good industry practice. 

The inspection of the 22 km headrace tunnel was performed as two separate inspections 
from each end of the tunnel over a period of five days using the Saab Sabertooth remote oper- 
ating vehicle (ROV) that has the following key features for long and accurate inspections: 


e Battery powered and controlled by a fiber optic tether; 
* Small tether allows for very long excursions up to 12 km with real time data; 
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e Unique 6 degrees of freedom for maneuvering through vertical or complex accesses into 
underwater structures; 

¢ Three (3) video cameras and six (6) lights, and; 

e Profiling multi-beam sonar, sector scan sonar and multi-beam sonar. 


The combination of sensors provides a wide range of imaging and measurement specifically 
designed for tunnel inspection. Figure 4 presents the Saab Sabertooth ROV used for the 
inspection of the HRT. 


ey 


Figure 4. Saab Sabertooth ROV for HRT inspection. 


4.2 Observations from ROV inspection 


The key observations that have been identified from the ROV inspection data report for the 
HRT are as follows: 


* 184 cracks; 

* 119 features (typically formwork boxouts); 

e 23 locations of debris (~ 2 m3); 

e 7 locations of voids (~ 2 m3); 

e 15 location of shape changes in the tunnel profile; 

e 1 location of scour along the sidewalls (~ 10 m) of the HRT at 9+295 m, and; 

e 2 section lengths of reduced tunnel cross section of 6.5 m diameter at 8+750 m to 9 
+350 m (600 m) and from 19+950 m to 20+300 (350 m). 


Figure 5 illustrates a very important finding of the ROV inspection of damage along the 
sidewall of the HRT. 

The interpretation of the results from ROV inspections is greatly benefitted from the com- 
pilation of the high-resolution graphic images from 3D point cloud data produced from the 
inspections, such as those examples above, of specific areas of interest particularly when tur- 
bidity is high and inspection videos are not possible or are of low quality to delineate import- 
ant information. Brox (2020) presents further examples and the benefits of high-resolution 
graphics from ROV inspections. High resolution graphics are able to serve for the identifica- 
tion of major cracks, voids, and debris but not such smaller details including minor cracking 
and the exposure of reinforcement from concrete linings. 
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Figure 5. Zones of damage along sidewall of HRT. 
5 MANUAL INSPECTION OF HEADRACE TUNNEL 


5.1 General 


The findings of the manual inspection of the HRT mainly indicated some appreciable dam- 
ages at the main upstream area where the internal diameter of the HRT was reduced during 
construction due to the challenges and stability of adverse geotechnical conditions. The 
selected rate of dewatering of the HRT was 3.5 m/day or about 0.15 m/hr with two (2) - 
24 hour holding periods which is a very conservative rate, and which required a total of 25 
days. This low rate was selected based on a similar rate that was used for another project in 
Bhutan and in recognition of the inferred possible sensitivity of the HRT due to the presence 
of the two (2) areas where adverse geotechnical conditions were experienced. This low rate of 
dewatering was not considered to have caused any additional instabilities or damage. 


5.2 Upstream area 


In the absence of details from the as-built information it is inferred that a secondary invert lining 
or additional patches of concrete were placed along this area and there was delamination and par- 
tial abrasion of the secondary invert lining along each side of the floor. Finally, immediately after 
a bend at the upstream area there were further major longitudinal cracks at springline level over 
a length of about 10 m with inferred spalling of the concrete lining to a depth of 25 cm and on 
each side of the HRT at springline and also with exposed reinforcement as shown in Figure 6. 


5.3. Downstream area 


No significant damages were observed along the downstream area in comparison to that in 
the upstream area and comprised the following: 


e Multiple concrete blocks totally more than 500 kg that were transported from the upstream 
damage area over a distance of about 8500 m, and; 

° Single location of open construction joint with moderate inflows during the inspection that 
eventually decreased. 


5.4 Inferred causes of damages in the HRT 


The inferred causes of the damage in the HRT are considered to be related to the adverse geo- 
technical conditions that were encountered at the main upstream area along the HRT where 
significant instabilities and associated squeezing occurred including distortion of the initial 
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Figure 6. Damage of concrete lining at springlines. 


tunnel support that comprised steel arch ribs backfilled with low strength concrete. While the 
Tala HRT had been operating successfully without any concerns for 11 years to the first 
occurrence of concrete blocks into the powerhouse, this area of the HRT is inferred to have 
never reached total stability at the end of construction and prior to the placement of the final 
concrete lining but rather continued to undergo deformation including deformation of the 
reinforcement and shear failure and spalling of the concrete lining from excessive squeezing. 
In addition, this area of the HRT with a reduced internal diameter was subjected to elevated 
flow velocity with abrasion in conjunction with cyclic loading with the loosening the second- 
ary inner lining and/or patches that was not well integrated with the original lining and the 
eventual detachment and break up of pieces into variable sized pieces that were hydraulically 
transported along the HRT. The presence of the major longitudinal cracks in the corners as 
well as spalling at the springlines represents the typical mode of failure of a concrete lining 
surrounded by a weak and low stiffness bedrock that allows the variable internal operating 
pressures to expand and contract during seasonal discharge variability that ultimately results 
in fatigue and failure. 

The very low stiffness of the surrounding bedrock conditions as confirmed from both the 
squeezing conditions after excavation but also the significant amount of post-grouting should 
have been addressed with a much thicker and higher capacity reinforced concrete lining either 
with a waterproof membrane or with steel lining sections as is typical good practice in the 
industry and consistent with the pressure tunnel design criteria of Merritt (1999). 


6 CORRELATION OF INSPECTION RESULTS 


The results from the ROV observations and their interpretation were in very good agreement 
with the findings from the manual inspection with regards to the relative locations and in rea- 
sonable agreement with regards to the extent or level of severity of the cracks within the con- 
crete lining. With ROV inspections it is necessary to establish a reference location from which 
all measurements and observation are made and documented and can then be corrected after- 
wards if the as-built records are available and are accurate, which is sometimes not the case, 
and in some instances the ROV inspection provides the first as-built representation for 
a hydroelectric tunnel. 
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It should be recognized that the resolution of the sonar technology at present is not able to 
identify small cracks within concrete linings due to shrinkage but is capable to identify con- 
struction joints of concrete pours from construction as well as detached blocks/slabs of con- 
crete that were inferred from the ROV observations and confirmed to be present along the 
tunnel floor. In addition, it is noted that the ROV observations were not able to discern the 
exposed reinforcement rebar but did in fact identify the presence of what were thought to be 
exposed steel ribs. 

Overall, there was good correlation between the ROV observations, their interpretation, 
and the actual conditions of various damages in the HRT which has served to confirm the 
usefulness of ROV inspections to be performed to provide an indication or the inferred struc- 
tural conditions, related damage, and associate integrity of a hydroelectric tunnel for the pur- 
pose of decision making of whether the level of damage warrants the dewatering and 
a manual inspection. 


7 CONCLUSIONS 


The experience of realizing the transport of blocks of concrete lining from the 23 km Tala 
headrace tunnel into the operating hydroelectric powerhouse fully warranted an unwatered 
inspection by a ROV which provided a good indication of key concerns and risks for future 
operations. These findings further justified the decision to dewater the headrace tunnel and 
perform a detailed manual inspection. The findings of the manual inspection were in good 
agreement with the interpretation of the ROV observations for two main areas along the 
tunnel with various levels of damage including major cracking, voids, and debris and thus 
a reasonable correlation of all of the information was concluded. 

Advances in sonar technology and ROVs have now allowed reasonably accurate identifica- 
tion and interpretation of structural damages of major cracks, voids, and debris in operating 
hydroelectric tunnels to provide sufficient information to provide an opinion of the structural 
conditions and integrity and ultimately overall risk profile of a tunnel and whether to make 
a decision whether to dewater for a manual inspection. 

When very weak and adverse geotechnical conditions are encountered during construction 
a very careful evaluation of the final concrete lining requirements is necessary, and if signifi- 
cant post-grouting is realized then it is a clear indication that a concrete lining may not be 
sufficient, and a steel liner should be installed. 

Low strength concrete should not be used for the backfilling of steel rib arch supports 
installed for adverse geotechnical conditions as high early strength is rather required to main- 
tain stability and limit ongoing deformation/squeezing and distortion/distress and failure of 
the initial tunnel support. 

Low strength concrete should not be used as a cost savings approach for the final con- 
crete lining of long hydropower tunnels due to the risk for severe abrasion during early 
operations, particularly for sections associated with high flow velocities, as has been 
observed for the Tala headrace tunnel where 20 MPa concrete was used. In comparison, 
high strength concrete was used for all other hydraulic structures of the project and have 
not been subjected to abrasion. 
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ABSTRACT: Aging hydropower facilities require engineered interventions to assure resilience 
and enable optimal energy production. Defective pressure tunnels result in water losses, and in the 
long term, can raise stability concerns. An integral part of seepage mitigation consists of an exten- 
sive, tailor-made grouting strategy, where surrounding rock-mass should be integrated to the 
lining system. Pressure grouting improves rock mass properties, i.e. increase of intact strength, 
consolidation of fractured zones, backfill of karstic voids, and reduction of permeability (primary 
waterproofing). Furthermore, proper grouting backfills voids at the rock/concrete interface, and 
seals cracks and fissures within the lining segments. Enguri Hydropower Scheme has produced 
energy since 1980 with its circular-shaped concrete lined 15km-long pressure tunnel been com- 
pleted in 1978. The tunnel was excavated through a narrow ridge of Cretaceous karstic limestones, 
and Lower Tertiary marl-sandstones. During a three-months plant outage, a super-intensive drill- 
ing and grouting programme was conducted through the concrete segments. Customised grout 
mixes (cement-based, chemical, as well as hybrid) were injected in various tunnel stretches of 
water-loss potential. The injection of 2.8 million m? grouts, resulted in the substantial reduction of 
water-loss which in turn, proportionally increased power generation. 


1 INTRODUCTION 


1.1 Rehabilitation strategy and project background 


Rehabilitation in pressure tunnels focuses to the structural elements of the tunnel (i.e. concrete 
repair) and the surrounding rock mass. The later usually requires injection of suspension 
mixes that can be broadly distinguished according to their main objective, namely: consolida- 
tion, backfill, and contact grouting. Consolidation grouting aims to form a supplementary 
permanent mantle around lining, to improve rock mass properties, to act as a rock mass seal- 
ant (to a possible extent), and to inhibit deformation (without damaging the system) by pre- 
stressing the lining segments. Backfilling aims to eradicate large voids within rock or between 
rock and concrete (i.e. karst network, cavities, structural gaps). Contact grouting intends to 
enhance the structural coupling of the rock-concrete interface and in uniform manner (Vigl 
et al. 2009). Moreover, contact grouting addresses settlement and shrinkage gaps, open joints 
and supplements deficiencies that occur during backfilling. However, the boundaries that 
define each specific grout task are not explicit, and they literally, as well as practically, overlap 
each other’s objectives. The rehabilitation grouting programme constitutes a post-excavation 
grouting task, wherein hydropower scheme owners tend to undervalue its importance in 
respect of the grout quantities required to reinstate the serviceability of a pressure tunnel 
(Schnetzer 2006). On the other hand, based on recorded projects’ stats, post-grouting oper- 
ations bear the risk of limited success; and operations that may necessitate excessive volume 
injections, might render post-grouting a relatively costlier operation when compared to the 
pre-excavation grouting strategies (Garshol 2011, Panthi 2012 and Stenstad 1998). 
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The construction of the hydropower scheme to utilise the hydro-energy of Enguri River 
commenced in 1961, in the NW part of Georgia. It incorporated innovative technical and 
engineering features, ahead of its time. The first unit entered into operation in 1979, and all 
five units began operating in 1980, reaching the design capacity of 1300MW. The facility con- 
sists of a 271.5m high concrete arch dam, water reservoir, pressure tunnel (PT) and the main 
powerplant facility. Since 2003, the project owner has financed, scheduled, and is executing 
a phased rehabilitation programme to upgrade the hydropower units and the auxiliary electro- 
mechanical equipment, to improve the integrity of the main concrete structures and mitigate 
excessive outflows from the main underground structures. The latest phase involves the 
rehabilitation of the pressure tunnel. A major part of this phase focused on reducing the esti- 
mated 8-10m°/sec outflows, which represent 10% of design flow (approx. 25-30MW, annual 
loss of 220-250GWh). The tunnel starts at the power intake area and after 15km of lined circu- 
lar profile (9.5m internal diameter), it descends to five penstocks. It also connects to eight 
access adits and a 167m high surge shaft. Outflows also contribute to infiltrations at the cham- 
bers, penstocks, and powerhouse (Hoover et al. 2019). 

During the lifetime of a pressure tunnel, maintenance works are planned, but their extent is 

restricted by operational considerations. The frequency and planning of maintenance are also 

important since they affect power output (Gerstner 2013). However, the construction quality of 
lining segments and their integration to the surrounding rock, facilitates a cost-efficient rehabili- 
tation plan and implicitly promotes the successful output of the post-grouting operation. 


1.2 Tunnels in karst and the regional geological regime 


Rock mass properties and the groundwater regime affect the tunnel during construction stage 
as well as during operation (Innerhofer et al. 2007), and while final rock support is complete 
and has attained to reinstate a new stress equilibrium. 

Karst formations exhibit a denoting spatial heterogeneity, resulting to the amplification of 
geological uncertainty of a region, which in turn directly or indirectly affects its hydraulic 
regime. Karst aquifers can become intensely heterogenous (Romanov et al. 2003), where 
groundwater flow is expressed by non-linear behaviour. Considering the geological history of 
a region with respect to its palaeogeography and post-tectonism, a vast karstic network can 
transmit large discharge rates of groundwater (Marinos 2001). Therefore, construction and 
operation of tunnels which are excavated through karst, and in particular for pressure tunnels, 
can become challenging and entails geotechnical risk. That risk relates to excessive leakage, 
excessive pore-water pressure, and lining failures due to limited constraint provided by the 
surrounding rock mass (Hendron et al. 1987). Moreover, Fernadez (1994) describes the 
hydraulic synergy of a lined pressure tunnel due to the fact that “the rate of leakage and the 
pore-water pressure distribution in the surrounding rock mass are determined not only by the per- 
meability of the rock mass surrounding the tunnel, but also by the permeability of the liner”. For 
lined tunnels, Bason et al. (2003) estimates 30% reduced hydraulic capacity during a 30-years 
period. All the aforementioned point to the fact that periodical inspection and rehabilitation 
are imperative for ageing pressure tunnels. 

Enguri lies at the foothills of Greater Caucasus, an area deformed by weathering and tec- 
tonic folding which exhibits southern convergence. The regional lithology mainly consists of 
Rioni Basin series, (the Dizi sub-series), composed by volcanic and sedimentary Jurassic to 
Quaternary deposits (Acciaro 2018). According to Adamia et al (2004), the main formations 
encountered in the region are: 


— Middle to Upper Jurassic shallow marine terrigene and carbonate rocks, and basaltic/andesitic 
shallow marine volcanics. Clays, gypsum inclusions, sandstones, and micro-conglomerates. 

— Lower to Upper Cretaceous shallow marine carbonates, terrigene clastic layers and 
turbidites. 

— Tertiary to Quaternary marine molasses and shallow marine, lagoon and/or continental 
rocks. 
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Pressure tunnel passes through a narrow ridge of karstic limestones, marls and marl sand- 
stones of Cretaceous and Lower Tertiary age, oriented in NE-SW direction. On the NW side 
of this ridge a major fault zone forms a morphological depression separating it from the 
higher mountain area behind. Eight gullies truncate this narrow ridge, where the vertical rock 
cover has proved insufficient to withstand the maximum internal water pressure in the head- 
race tunnel during operation (llbar at the intake and 17.5bar at the pressure shafts). 

Marinos (2001) has distinguished potential hydrogeological models for tunnels, and accord- 
ing to his approach, the tunnel is allocated within the inundation zone (model D) where con- 
siderable inflow is anticipated. Consequently, tunnel excavation encountered numerous and 
large water-bearing karstic cavities. Moreover, several fault zones truncate the ridge with 
springs located on the SE of the ridge. Most of these springs probably existed before the con- 
struction period. Some probably emerged after the excavation and construction of the tunnel 
and its adits. Given the fact that fracture and fault zones form areas of higher permeability, 
these tend to form conduits for karstic processes. Consequently, major seepage losses are 
expected where fault zones and extensive karst intersect the tunnel alignment. Based on the 
engineering classification of karst (Waltham 2002), the regional karst can be characterised as 
undeveloped (kI) to mature (kI) with localised complex (kIV) conditions. Karstic zones play 
a crucial role in the circulation and discharge of groundwater, as well as they constitute 
a major outflow path for pressure tunnels. All karstic cavities were mapped in detail during 
the tunnel excavation phase, in the 1970s. 


2 OBJECTIVES & SCOPE OF WORKS 


2.1 Particular rehabilitation objectives 


Past tunnel rehabilitation efforts consisting of local low and high-pressure cement grouting 
and scattered reinforced shotcrete layers achieved some temporary overall seepage reductions. 
Apart from the natural existing lineaments (e.g. sheared zones, faults, etc.) and the non- 
uniform karstic features, zones of special concern are also related to particular construction 
characteristics. In this regard, zones of anticipated water loss could be allocated at: 


— Transition areas at the contact between steel lining and concrete lining. 

Along cold joints. 

Adjacent to the intersection areas with access adits. 

— Scattered areas where concrete quality degraded with time. Such degradation is expressed by: 
Localised porosity, honeycombing, exposed cold joints, and exposed reinforcement. 
Erosion of concrete at the crown portion (probably due to cavitation). 

Invert damages (i.e. erosion and detachments). 

Major cracks in the lining (probably due to hydro jacking). 

Significant groundwater ingress under pressure through poorly closed grout-holes from 
the previous rehabilitation phase, hair-cracks, abandoned steel pipes, or defect valves. 


Moreover, a longitudinal cleft (up to 50mm opening) along the cold joint, was observed for 
a stretch of 600m at the left springline of the tunnel. The rehabilitation plan intended to 
reduce seepage loss and repair these major lining defects. Post-grouting can employ cement 
suspensions (ordinary, microfine or ultrafine) and chemical mixes (i.e. expansion agents, sili- 
ceous, epoxy sealants), or even hybrid products. A further advantage of grouting is its adapt- 
ability, both for systematic grouting and for specific special treatments (Gerstner 2013). 


2.2 Methodology 


The rehabilitation phase commenced in January 2021 and ended in April 2021 when water- 
filling started. The intensified rehabilitation programme lasted a total of 75 days. The loca- 
tions which required improvement or repair due to internal seepage and concrete defects were 
identified during a series of thorough tunnel inspections. Plans for drilling and pressure 
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grouting and lining repairs were developed based on these observations. For the design of the 
grouting strategy (injection patterns, process and types of grout), the designer should consider 
the properties of injected medium, mainly the size of voids, the joints apertures, the persistence 
of joints, and the deformation impact due to stress transfer (Vigl et al 2009). 

The conceptual grouting design foresaw radial umbrellas at 3m longitudinal distances with 
staggered alignment of the radial holes. Injections were carried out in selected stretches of the 
tunnel. Each umbrella consisted of 15 grout holes, 6m long. Supplementary spot holes were 
grouted, as needed. Figure | shows the general grouting pattern. 

Grout holes were drilled inclined with an angle of 45° from the lining in longitudinal direction. 
In umbrella holes with considerable outflow, packers were placed at 2.5 to 3.0m depth and chem- 
ical grouts were injected to seal off the water ways. From 0.0 to 2.5m depth cement grout mixes 
were injected for consolidation purposes, filling of voids behind the lining, and in general, to 
improve the contact between rock and concrete. For holes where after tightening the packer at the 
designated depth of 2.5 to 3.0m and still large seepage quantities were observed, packers were 
lowered, and chemical grouting was carried out at closer distance to the lining. Umbrella grout 
holes showing insignificant outflow (substantially dry) were grouted by cement grout mixes only. 
The criterion for substantially dry holes was set to 0.5 lit/min. 

Practical difficulties (i.e. penetration through dense reinforcement and equipment break- 
downs), and difficulties related to rock mass (e.g. fragmentation, small cavities to extensive karst, 
etc.) led to the modification/simplification of the procedures, in order to expedite the work. The 
modified procedures included double stage grouting for all wet holes (i.e. grouting with chemical 
components from 3.0m, and grouting with cement mixes from the concrete lining); and a single 
stage injection for all substantially dry holes (i.e. grouting from concrete lining). 
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Figure 1. Grouting pattern, longitudinal and cross-section. 


Considering the prevailing rock mass and inflow conditions, four types of grouts were used. 


— Water based Portland cement (OPC) mixes (i.e. mixes of 1.0, 0.8, 0.6, or 0.5 water/cement 
ratio), with admixtures (i.e. superplasticiser), for all substantially dry holes. 

— For wet holes, and where inflow was considerably low; two-component water-based quick- 
setting acrylic gel grouts were used with the addition of accelerator (to adjust setting time). 

— For wet holes, and where inflow was considerably medium to high or small cavities/karst 
were detected; two-component polyurethane (PU) foam was injected with the addition of 
accelerator (to adjust setting time). 

— For areas where cavities/karst or extensive voids were anticipated or detected, and at the 
same time structural strength was prerequisite; cement-PU hybrid mixes (5:1 ratio) were 
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used as supplementary injection to Portland mixes. These grouts were mainly utilised for 
backfilling and contact grouting purposes. 


Where extensive karst cavities or voids between concrete lining and rock mass were anticipated 
(13+500 to 13+900), grouting primarily focused on backfill and contact grouting. Fans were drilled 
at 4m staggered spacings. Each umbrella consisted of 15 grout holes through the concrete and 
50cm into rock. These holes were grouted with two types of grouts: a) water based OPC mixes 
(with 0.8 and 0.6 water/cement ratios) and superplasticiser admixture, and b) hybrid cement/ 
foaming polyurethane mix (5:1 ratio), when Portland grout takes exceeded 2000lit per hole. 

Grouting criteria were based on volume/pressure limitations. Pressure limitations relate to the 
structural integrity of the concrete, the penetrability of the mix, and the lining safety standards. 
Hence, to safeguard the structural integrity of the concrete structure, injections were limited to 
10bar. Backfill grouting in karst that could extend several meters beyond the lining would not add 
any value to the sustainability of the tunnel. Therefore, for economy reasons volume limitations 
were established for stretches allocated within undeveloped to mature karst, kI to kIII (up to 
3000lit); and a different limit for stretches allocated within complex karst, kTV (up to 2000lit). 

The longitudinal crack (cleft) which extended along the left side wall between 13+600 and 
13+800 was scaled and reinforced, and any crevice or void was sealed by grouting. All gaps 
between concrete and between concrete and rock were filled. The task aimed to prevent any 
potential vertical movement (splitting) of the lining, a direct result of hydro-jacking. After com- 
pleting all injections, all grouted and partially drilled holes were plugged with non-shrink mortar. 


2.3 As-built information 


Grouting works (umbrella-fans, spot-grouting or backfill grouting) covered a stretch of 
2,113m. Within this stretch the contractor executed 628 umbrella-fans, 104 backfill/contact 
grouting fans, and performed spot-grouting at 28 locations where deemed necessary. 

In-situ measurements for water inflow showed stretches exhibiting low seepage to substan- 
tially dry conditions (0 to 10lit/min total inflow per umbrella fan); many stretches exhibited 
moderate seepage (10 to 40lit/min inflow per fan). These two groups represent the majority of 
the rehabilitated part (96.5%). At a few scattered locations, high inflows were recorded (from 
40 to 100lit/min total per fan), and four areas exhibited excessive inflows (greater than 120 lit/ 
min). Stretches with excessive inflow are directly linked to complex karst (kIV) adjacent to or 
in contact with lining segments. Figure 2 illustrates a characteristic karst encountered during 
the excavation phase (1970). In total, 2.822 million litres were injected within various tunnel 
stretches (Table 1). 


Table 1. Summary of recorded water inflows along pressure tunnel and total grout consumption. 


Recorded Inflow Grout consumption 
Inflow rate Tunnel Average inflow Grout Injected volume 
(lit/min) Number of fans percentage (lit/min) material (lit) 
>100 4 0.50% 1+412: 602.5 PU 12,036 
4+729: 224.0 
5+280: 131.0 
13+840: 120.0 
40-100 24 3.00% 56. Llit/min Acrylic 419,329 
10-40 228 28.80% 18.7lit/min Cement 2,376,648 
1-10 310 39.15% 5.9lit/min Hybrid 13,955 
(Cement/PU) 
<l 226 28.55% substantially dry Total 2,821,968 
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Figure 2. Indicative karst example intersecting tunnel alignment; cross-section at 13+840. 


The nature of concrete defects varied from superficial to 1.0m deep. Defects had technical 
and/or hydraulic root causes. In brief, C30/37 structural concrete and class A-III steel reinforce- 
ment were used for the repair of a 226m tunnel stretch. In total, 203m? were scaled, and casted 
in various sections of the tunnel. Concrete repairs lie outside the scope of this paper. 


2.4 Quality assurance of the operation and injection outcome 


The quality control procedures aimed to determine the characteristics of the grout mixture. That 
required balancing of several parameters to regulate grout properties and satisfy the objectives 
of the injection. The quality assurance procedures consisted of the following tests (Table 2). 


Table 2. Quality assurance procedures. 


QA/QC routine task Scope 


Accurate grout recipe Modification of the water/cement ratio influences strength and setting times. 
Admixtures commonly used in grout mixes can influence stability (sedimenta- 
tion), rheology (fluidity, viscosity), setting time, rate of hardness, compressive 
strength, and shrinkage of the end product. 

Initial and final setting Initial setting relates to the critical point that grouts either start to thicken (for 


time cement mixes) or start to gel (for chemical mixes). Final setting relates to the 
development of compressive strength during the hydration process. 

Viscosity (Marsh Rheology of cement grouts is linked to their penetrability. By increasing viscos- 

value) ity, fluidity is reduced as well as penetrability. Strength augmentation and rheo- 
logical properties determine the time required for a grouting cycle. 

Density Grout density measurement assures correct dosing, controls the mixing process 


quality and assures the functionality of the mixing equipment. 

Bleeding (sedimenta- Bleeding determines the separation of cement particles from water with time. 

tion ratio) Bleeding depends upon the cement particle size, the water/cement ratio and the 
presence of admixtures. Proper mixing and suitable equipment can limit sedi- 
mentation and enhance the dispersion of the grout. 

Compressive strength Final strength is important for the durability aspect of the operation. 

Ambient temperature Ambient temperature influences setting times of a grout mix. Lower temperat- 
ures increase compressive strength; however, it prolongs setting time. 


Umbrella fan grouting can improve the surrounding rock mass and backfill contact voids 
between concrete and the rock. A fan with 6.0m long holes at a 45° outlook angle, and 3.0m 
spacing between consecutive fans, targets a theoretical volume of 630 m° (i.e. for 3m tunnel 
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stretch, Figure 3). Further to this, the theoretical volume when limited to backfill and contact 
grouting (for the stretch between 13+500 and 13+900) is 200 m’. 


Figure 3. Geometrical features and theoretical target for grouting fans. 


A large number of fans took less than 2m? per fan. Some exceeded 5m*/fan and some scat- 
tered fans took between 5 and 10m?/fan. Some of the grouts penetrated through the vast net- 
work of karstic features or filled voids between lining and rock-mass. Table 3 identifies 
stretches with high injection takes and the respective root causes. 

A vast network of monitoring points (i.e. discharge channels, adits, and natural sources of run- 
off discharge such as streams, ravines or karstic springs) is utilised to monitor groundwater dis- 
charge along the tunnel. Monitoring is conducted on regular basis. The annual peak level of 
Enguri reservoir ranges from +510m to +494m, whereas the annual low-level ranges from +391m 
to +444m. Discharge readings from all monitoring stations during the last six years (since 2016) 
indicate that groundwater fluctuation correlates closely with reservoir level fluctuation. After the 
completion of this rehabilitation phase, the estimated water losses decreased by 25 to 30% 
(Figure 4). The reduction in losses positively impacts the energy output of the Enguri hydropower 
scheme. 


Table 3. Stretches of high grout take. 


Chainage Average grout Consolidation 
From To take per fan (m/fan) Tatio (%) Root cause 
0+807 0+924 5-10 0.8-1.6 Minor karst adjacent to tunnel 
Deficient interface (concrete-limestone) 
14+412 14415 15-20 2.4-3.2 Minor karst adjacent to concrete lining 
Deficient interface (concrete-limestone) 
6+006 6+266 10-30 1.6-4.8 Extensive karst (5+973 to 6+010) 
Deficient interface (concrete-limestone) 
13+500 13+900 3.7 Backfill of voids Extensive karstic network 
Maximum 16-19; 13+630 to 13+648; 13+710 to 13+730; 
9 fans with >10 and 13+820 to 13+835 
Deficient interface (concrete-limestone) 
13+970 13+975 17.1 1.6 Extensive karst (13+955 to 13+975) 
Deficient interface (concrete-limestone) 
14+182 14+187 105.1 9.5 Extensive karst (14+165 to 14+185) 
Deficient interface (concrete-limestone) 
14+246 14+250 25.7 2.4 Extensive karst (14+240 to 14+250) 
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Figure 4. Total discharge vs. reservoir level comparison chart. 


3 CONCLUSIONS & RECOMMENDATIONS 


Tunnelling practices and design approaches have advanced in recent decades however, the 
geological practice still relies on the professional geologist’s integrity and consistency. With 
respect to the Enguri project, geological professionalism produced reliable information thanks 
to well-documented geological features and data retrieved during tunnel excavation, the as- 
built data, and a well-maintained hydrological monitoring network. Consequently, the deliv- 
ery of resilient underground structures demands focused efforts to understand the local geol- 
ogy and address its geological uncertainty. The acquisition of sound data also play 
a significant role for the conception of a realistic geological model (large and medium scale), 
information which was efficiently utilised to apprehend the geological regime, and finally allo- 
cate and assess the surrounding karstic features. Simple “tools” (e.g. geological mapping, 
hydrogeology, and monitoring during excavation and operation) have proven significantly 
valuable to the geo-modelling process. 

The preliminary information which was gathered during a short outage period (only for 
inspection purposes, one week in January 2018) provided the foundation for the grouting con- 
ceptual design. Further to this, the second thorough inspection which was conducted during 
the first week of the outage period supplemented the baseline information; and observation 
records were correlated with the available hydrogeological/geological model. The correlation 
process facilitated the detailed design which significantly reduced pressure tunnel’s outflow 
and increased power output. The aforementioned process indicates the importance to first 
allocate outage time for thorough tunnel inspection, and then decide the necessary rehabilita- 
tion strategy prior to its implementation. Gerstner et al. (2014) suggests an interval for diag- 
nostic purposes of about 10 years. The inspection of a lined tunnel that runs through karst 
should firstly focus on stretches where karstic zones intersect the tunnel or adjoin it (to design 
an optimal consolidation and backfilling programme), secondly on transition stretches (to 
form impermeable barriers within rock mass at these interfaces), and thirdly on areas of defect 
lining with increased frictional head loss (to improve the hydraulic efficiency of the 
waterway). 

Aging of underground structures while inevitable can be mitigated. Nonetheless, engineer- 
ing intervention before and during excavation can extend a structure’s operational life. This 
applies to grouting works, too. Although pre-excavation grouting can prove at least ten times 
more efficient and economical than post-excavation grouting, any pressure tunnel requires 
inspection and routine maintenance or rehabilitation. Hence, considering the numerous large 
(>100MW) and medium (>10MW) scale hydropower schemes that constructed in the last cen- 
tury; to address the emerging risk of aging, the hydropower engineering community shall raise 
the awareness for inspection outages and globally approved codes of practices for mainten- 
ance purposes. 
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ABSTRACT: This paper presents an experimental study of macro synthetic fibre reinforced 
concretes (MSFRCs) exposed to the RABT-ZTV (train) fire curve. Large scale panels were utilised 
in this investigation and the procedures suggested in the EFNARC “Guidelines for testing of pas- 
sive fire protection for concrete tunnel linings” were followed. Modifications were made to the 
suggested curing regimes to match more closely those experienced within a tunnel environment 
and adopted for current project fire testing requirements in Australia. A comprehensive investiga- 
tion was undertaken to determine the effect of micro-PP fibre dose rate on the spalling behaviour 
of MSFRCs, and the subsequent effect that this had on the temperature development within the 
concrete section due to fire exposure. Furthermore, cores were extracted from the panels post-fire 
to determine its impact on the compressive and tensile strength properties of MSFRC subject to 
elevated temperatures. This paper provides detailed experimental results that can prove useful for 
the application of macro synthetic fibres within fire critical tunnel infrastructure. 


1 INTRODUCTION 


The increasing demand for resilient and sustainable infrastructure drives the investiga- 
tion and implementation of more sustainable and durable materials in structures such 
as tunnels. In recent times, macro synthetic fibre reinforcement has proven to be 
a viable option in several infrastructure projects to improve project sustainability tar- 
gets, while also being relatively easily adopted, supported by existing design guidelines 
for fibre reinforced concrete. Permanent linings of traffic tunnels, however, are a fire 
critical infrastructure and little information is currently available on the behaviour of 
macro synthetic fibre reinforced concrete when subjected to elevated temperatures such 
as those that occur during a tunnel fire. Thus, resistance currently exists against adop- 
tion of this material into these applications. 

The phenomenon of spalling is one that has been researched widely over the past 
100 years (Guerrieri and Fragomeni, 2016, McNamee, 2019, Norton, 1925, Preston, 
1933, Malhotra, 1984) however is still far from being completely understood. This is 
demonstrated by the recent formation of a RILEM technical committee on concrete 
during fire — reassessment of the framework. Spalling is assessed on every tunnelling 
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project in Australia prior to commencement of the project and is particularly necessary 
if new materials are adopted in the concrete mix, such as macro synthetic fibres 
(MSF). Prior to their adoption on major tunnel infrastructure projects, their impact on 
the spalling behaviour of concrete must be well understood. 

While it is widely accepted that micro polypropylene (micro-PP) fibres provide a significant 
reduction in the spalling of concrete when subject to fire (De Castro et al., 2011, Hager and 
Mroz, 2019), minimal research on the effect of MSF for this purpose has been undertaken 
(Maluk et al., 2020, Yoshitake et al., 2005). Hence, this research sets out to further the know- 
ledge in this field and provide a better understanding of the spalling behaviour of macro syn- 
thetic fibre reinforced concrete (MSFRC) and possible synergies when combined with micro- 
PP fibres. It also aims to begin providing insight into some of the residual mechanical proper- 
ties of MSFRC at elevated temperatures. 


2 EXPERIMENTAL CAMPAIGN 


The experimental campaign that was undertaken is presented herein. Combinations of macro 
synthetic fibres with various dose rates of micro-PP fibres were subject to the RABT-ZTV 
time-temperature curve, assessed for their spalling behaviour, as well as residual compressive 
and splitting tensile strengths post-fire. 


2.1 Materials and specimens 


Two mix designs were chosen to represent typical applications where macro synthetic fibres 
could be adopted into permanent tunnel linings (de la Fuente et al., 2017, Conforti et al., 
2019). For each mix design four dose rates of micro-PP fibre were adopted. These mix designs 
were intended to represent a typical tunnel segment concrete (mixes 1-4) and a typical cast 
in situ lining concrete (mixes 5-8) and can be found in Table 1. 


Table 1. Mix designs. 
Mix 1 Mix 2 Mix 3 Mix 4 Mix 5 Mix 6 Mix 7 Mix 8 


Constituent (kg/m?) (kg/m?) (kg/m*) (kg/m*) (kg/m?) (kg/m*) (kg/m?)  (kg/m*) 
Cement 275 275 275 275 270 270 270 270 
Slag 200 200 200 200 - - - - 
Flyash - - - - 90 90 90 90 
20mm Aggregate 370 370 370 370 810 810 810 810 
14/10mm Aggregate 655 655 655 655 - - - - 
10mm Aggregate - - - - 315 315 315 315 
Coarse Sand 785 785 785 785 420 420 420 420 
Fine Sand - - - - 420 420 420 420 
Superplasticiser 2 2 2 2 1.7 1.7 1.7 1.7 
Total Water 170 170 170 170 170 170 170 170 
Macro Synthetic Fibres 8 8 8 8 5 5 5 5 
Micro-PP fibres - 1 1.5 2 - 1 1:5 2 
w/c ratio 0.36 0.36 0.36 0.36 0.47 0.47 0.47 0.47 


Mixes | — 4 contain a higher overall cementitious content and adopt a 40% ratio of blast 
furnace slag as a replacement for Portland cement, leading to a higher compressive strength. 
Mixes 5-8 adopt a 25% replacement of Portland cement with fly ash and have a lower com- 
pressive strength. 

Following the EFNARC document “Specification and guidelines for testing of passive fire pro- 
tection for concrete tunnel linings” (EFNARC, 2006), specimens measuring 1550mm x 1550mm x 
300mm were cast for fire testing. This ensured that the minimum required surface area exposed to 
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the fire was achieved (ie. 2m’) as required by the guideline. While the EFNARC guidelines suggest 
that a 150mm overhang should be adopted for support on the furnace frame, others have adopted 
similar reduced dimensions in accordance with relevant project specifications (Guerrieri et al., 
2020). For each mix, two panels were cast for firing, with a third cast that would remain in ambi- 
ent conditions as the control specimen. For the two fired panels, Type K thermocouples were 
placed throughout the depth of the specimen at 25mm, 50mm, 75mm, 100mm and 200mm. These 
were used to gather data on the temperature gradient observed within the specimens over the dur- 
ation of the fire test. 


2.2 Curing and conditioning regime 


The curing regime adopted in this experiment followed the EFNARC guidelines (EFNARC, 
2006), with minor changes accounting for requirements implemented on recent Australian 
tunneling projects (Guerrieri et al., 2020). The curing regime was a follows: 


* Once cast, the specimens remained in their moulds for two days. They were covered in hes- 
sian which was kept wet for the entire period 

e After two days, specimens were removed from their moulds and placed into a sealed con- 
tainer which maintained a constant humidity > 90 % and temperature of 23°C + 2°C. The 
specimens remained in these conditions for 28 days. 

e Next, the specimens were transferred to another sealed container that maintained 
a constant humidity of 50% + - 10% and a temperature of 23°C + 2°C. Specimens remained 
in these conditions for a minimum of 72 days 

° Finally, specimens were transferred into the furnace frame no more than four hours before 
fire testing 


2.3 Fire testing of specimens 


Fire testing of the specimens was undertaken a minimum 102 days after casting. Four speci- 
mens were fired at a time, with the frame and furnace depicted in Figure 1. Specimens were 
subjected to the RABT-ZTV time-temperature curve, with a typical temperature vs. time 
graph from the tests also illustrated in Figure 1. 


Figure 1. Typical time-temperature curve for RABT-ZTV fire test on panels and illustration of Victoria 
University furnace setup with the 4-panel frame setup. 


Once the time-temperature curve was complete, specimens were left on the furnace over- 
night to cool for handling. Once removed, specimens were stored undercover until all tests 
were completed. Once all fire tests had been conducted, 3D scanning of the fired panels was 
adopted to determine the extent of spalling for each panel, an example of which can be seen in 
Figure 2. 
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Figure 2. (a) spalled panel Mix 3-300-1 and; (b) contour plot of panel Mix 3-300-1 derived from 3D 
scanning data. 


2.4 Testing of compressive and tensile strengths 


Once scanning was completed, six 75mm diameter cores were extracted from each panel for 
assessment of the residual compressive and splitting tensile strengths of each mix. The spalled 
end of the cores was trimmed to remove completely damaged areas to enable compressive test- 
ing to be undertaken, then the cores were cut in half to obtain two equal sized cores with 
a maximum and minimum height/diameter ratio of 2 and 1 respectively. AS 1012.14 (Stand- 
ards Australia, 2018) was used to correct strengths of cores with height/diameter ratios less 
than 2. Compressive strength testing was conducted using a compression machine with cap- 
acity of 2000 kN. 

Indirect tensile strength was tested on cores in accordance with AS 1012.10 (Australia., 
2000), however with smaller diameter cores than is recommended for the cylinders prescribed 
in the standard. While the absolute values of indirect tensile strength may not be in exact 
accordance with the standard, the relative difference in values between mixes, of more import- 
ance to this study, is still valid. Indirect tensile testing was conducted with the same machine 
as compressive strength, however utilising a typical indirect tensile strength jig as described in 
the standard (Australia., 2000). 


3 RESULTS AND DISCUSSION 


3.1 Temperature distribution within panels 


The temperature distribution within the concrete section is useful for design as it enables 
assessment of the residual capacity of the section (1992-1-2, 2004, Standards Australia, 2017), 
while also providing information on the effectiveness of the passive fire protection system. For 
each mix, Figures 3 & 4 presents the average thermocouple temperatures at 25mm and 50mm 
depths respectively. 

In mix 5 the 25mm, and some of the 50mm, thermocouples have reached furnace tempera- 
ture, indicating that spalling has exceeded this level and that this mix suffered quite severe 
spalling, and hence a severe reduction in its residual capacity. Mix 1 also shows quite high 
temperatures at 25mm and 50mm, indicating that spalling in this panel is also quite severe, 
though not as much as mix 5, indicating that the higher dose rate of MSF has reduced the 
severity slightly. However, much clearer is the impact of the addition of at least 1kg/m? of the 
micro-PP fibres. As expected, mixes 2-4 & 6-8 have significantly lower temperatures, demon- 
strating far greater resistance to spalling and improved structural integrity. 


3.2. Spalling 


Spalling occurs when concrete is exposed to a rapid heat increase, such as a tunnel fire, where 
it is believed that the dense concrete matrix does not provide sufficient channels for moisture 
to escape. As it transitions from liquid to gas, the pressure build-up causes pieces of concrete 
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Figure 3. Thermocouple temperatures at 25mm for each mix. 
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Figure 4. Thermocouple temperatures at 50mm for each mix. 


to explode from the surface allowing the pressure to escape, which is commonly referred to 
the moisture clog spalling theory (Chen et al., 2009, Huismann et al., 2011). Significant ther- 
mal stresses also build up in the exposed faces of the concrete during this heat transfer, which 
also impacts its spalling behaviour (Liu et al., 2018). It has been discovered that the inclusion 
of micro polypropylene (micro-PP) fibres in the concrete matrix reduces the propensity for 
concrete spalling, as the fibres melt at a relatively low temperature (approximately 160°C) 
leaving channels through which the expanding water vapour can escape (Huismann et al., 
2011). Average and maximum spalling depths for each mix can be observed in Figure 5. 

As observed in the temperature profiles, mixes 1 & 5 suffered significant spalling, highlight- 
ing the fact that macro synthetic fibres alone are not sufficient to eliminate spalling, a fact 
also presented by Maluk et al (Maluk et al., 2020). While mix 1 suffered the greatest maximum 
spalling depth, mix 5 showed the most severe average spalling depths, again indicating 
a minor influence of macro synthetic fibres on the spalling behaviour of the concrete. This is 
further illustrated by mixes 3 & 7, where 1.5kg of micro-PP fibres + macro synthetic fibres 
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showed an overall better spalling behaviour than mixes 4 & 8 with 2kg of micro-PP fibres (the 
minimum amount of micro-PP fibres specified in Eurocode 2 that can be used as passive fire 
protection without testing) (1992-1-2, 2004). In terms of average spalling depths, all mixes 
incorporating micro-PP fibres can be considered satisfactory. 
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Figure 5. Thermocouple temperatures at 50mm for each mix. 


3.3 Residual compressive strength 


While spalling is an important factor to consider for the safety of firefighters entering the 
tunnel and for overall structural integrity of the lining, when spalling is contained by micro- 
PP fibres (as is often the case) the residual capacity of the tunnel lining must still be assessed 
to ensure sufficient capacity remains. To make such assessment, the residual mechanical prop- 
erties of MSFRC should be completely understood. To start, an assessment of the residual 
compressive strength of the MSFRC at elevated temperatures was undertaken in this study. 
To do this, compressive strengths of the cores extracted from the fired panels are assessed rela- 
tive to the cores extracted from the control panel from the same mix. Then, based on the tem- 
perature gradient in the fired panels, the average temperature within each core was 
determined so that residual compressive strength of the MSFRC mixes can be plotted against 
temperature, as illustrated in Figure 6. 
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Figure 6. Relative residual compressive strength of MSFRC mixes as a function of temperature. 
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It can be seen from Figure 6 that from ambient temperature to approx. 300°C that 
the residual compressive strength of MSFRC does not significantly change. The results 
follow a similar trend to the relationship proposed by EC2 for plain concrete in com- 
pression (1992-1-2, 2004) and that proposed by Clarke et al (Clarke et al., 2022) for 
MSFRC. 


3.4 Residual tensile strength 


Extracted cores were also tested for residual tensile strength as described in chapter 2.4. As 
with compressive strength, the tensile strengths for the fired cores are assessed relative to the 
control cores and then plotted as a function of temperature as depicted in Figure 7. 
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Figure 7. Relative residual tensile strength of MSFRC mixes as a function of temperature. 


It can be observed that the residual tensile strength is higher than that of the residual com- 
pressive strength at the lower temperatures. As expected, strengths diminish with increasing 
temperature. The tensile strength results presented also align well with the relationship pro- 
posed in EC2 for the tensile strength of plain concrete at elevated temperature (1992-1-2, 
2004) and that proposed for MSFRC by Clarke et al (Clarke et al., 2022). 


4 CONCLUSIONS 


This study presents the behaviour of macro synthetic fibre reinforced concrete when 
subjected to the RABT-ZTV time-temperature curve. A methodology is provided for 
assessment of the spalling behaviour and subsequent residual properties following the 
guidelines provided in EFNARC (EFNARC, 2006). It is clear from the results that 
macro synthetic fibres alone are insufficient to mitigate against severe spalling of the 
concrete, while their contribution does play a minor role in the overall spalling out- 
come of the concrete mix. 

Also presented in this study is the residual compressive and tensile strengths of 
MSFRC as a function of temperature. Both compressive and tensile strength show 
almost parity out to 250°C and then a constant reduction as the temperature increases. 
These results can be adopted by tunnel designers for input into prospective design calcu- 
lations for tunnels reinforced with macro synthetic fibres subject to elevated temperat- 
ures. Further work is being undertaken as part of the same research project to assess 
the impact of temperature on the residual flexural strength of MSFRC, another key par- 
ameter that is required for design of FRC structures. 
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ABSTRACT: Most of railway and motorway tunnels were built more than 50 years ago and 
consequently are approaching or have already reached their design working lifetime. The 
lining of these tunnels have been subjected to ageing and degradation with impact on their 
functionality and user’s safety. For these tunnels, it is necessary not only to provide the peri- 
odical inspection and ordinary maintenance of the tunnel lining, as local repair and rehabilita- 
tion, but also to carry out a complete check-up of the whole tunnel structure to evaluate how 
to extend the service state of tunnel structure. The experience pointed out the main faults for 
these tunnels stay in the concrete used for the definite lining, regarding both the quality and 
durability and the modes of put-on place. The main faults registered by in situ inspections 
(cores and GPR) are poor quality of the concrete with very low UCS, unbundling of ready 
mixed concrete, minor thickness in respect to the designed one and presence of voids behind 
the lining. The geological/geotechnical conditions of the surroundings soil/rock mass and the 
stress and strain conditions around the periphery and into the tunnel lining rarely play signifi- 
cant role. In order to achieve maintenance full revamping, it is essential to acquire all the 
information through direct inspection, geophysical investigation and in situ monitoring and to 
set up an evaluation method of tunnel health by back analyses of static condition, and, if rele- 
vant damages rise up, to identify the actual causes of the problem for defining the repair 
works. An integrated approach for the assessment of the tunnel structure conditions based on 
the RES (Rock Engineering Systems) interaction matrix is useful taking into consideration 
geological, hydrogeological and geotechnical conditions along the tunnel, structural perform- 
ance, tunnel surveillance and inspection results, service condition and guideline for the main- 
tenance, repair and rehabilitation works. 


1 INTRODUCTION 


Most of railway and motorway tunnels were built more than 50 years ago and consequently 
are approaching or have already reached their design working lifetime. Consequently, in 
ageing tunnels, the supporting structure of concrete lined tunnels could present relevant dam- 
ages divided into material and structural problems. For the materials problems, the deterior- 
ation and damage phenomena in tunnels are due to its ageing, to weathering, to limited 
quality of the materials used for supporting structures, to poor or improper construction 
methods and techniques. To these deterioration and damage phenomena in tunnels, although 
generally unimportant from a structural standpoint, must be given due attention in mainten- 
ance of tunnels to ensure adequate safety conditions for users. In other instances, the damage 
depends from structural problems such as overstress produced by particular geological or 
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hydrogeological conditions that were not adequately considered during design, e.g. occurrence 
of landslides, swelling or squeezing behavior of the rock mass etc. 

In this paper, according also with the actual existing Italian regulations, a detailed assess- 
ment procedure is presented taking into consideration guidelines and technical recommenda- 
tions such as those given in the references of the paper, published by International Tunnel 
Association (ITA), Federal Highway Administration (FHWA, 2004), Construction Industry 
Research and Information Association (CIRIA), Association Francaise des Travaux en Sou- 
terrains (AFTES) and Centre d’Etudes des Tunnels (CETU). 


2 SERVICE CONDITION AND CATALOGUE OF DETERIORATIONS 


All the data collected from tunnel inspection and survey represent its concurrent service condi- 
tion and it is important to achieve the effective maintenance in tunnel under the limitation of 
future budget and investment. For this scope and for the tunnel assessment, the accurate pre- 
sumption of the cause of defect or deformation from the information and the implementation 
of proper countermeasure is very important. 

To develop succeeding assessment, it is proper to separate the defect of tunnel into two 
types: one is from material deterioration, and the other from outer stress from ground, relat- 
ing to the stability of tunnel structure. Deteriorations or defects severity and changing depend 
on a variable combination of the following two types of causes (CETU, 2015): 


a) “Internal” causes, linked to intrinsic characteristics of the lining materials (composition, 
porosity, texture, micro cracking, etc.), which can be considered as “inherent weaknesses”. 

b) “External” causes, linked to the surroundings, the behavior of the surrounding ground or 
the functions of the structure, which can be qualified as “external factors” and which can 
be of a physical, chemical, functional nature, or any combinations of these. 


The influence of water is a contributory factor in a considerable number of these cases. 
Actual, in Italy, based on the more recent Italian regulations, it has been adopted the cata- 
logue of deteriorations proposed from the Centre d’Etudes des Tunnels (CETU, 2015). 

For each deterioration, defect, fault, the factors related to the geological, hydrogeological, 
geotechnical and environmental conditions and those linked to construction, as inferred from 
as-built documentation, have been defined. For a full understanding of any deterioration and 
defect and, consequently, for the tunnel assessment, an integrated approach was adopted 
based on the RES (Rock Engineering Systems) interaction matrix. For this reason, an inter- 
action 21 x 21 matrix has been constructed by firstly establishing the leading diagonal vari- 
ables (Figure 1), related to both the deteriorations/defects/faults and the geological, 
hydrogeological, geomechanical conditions/construction methods/maintenance. 

Once defined the primary variables for the leading diagonal terms then the interactions for 
the off — diagonal boxes of the matrix have been identified, (Figure 2). At each off-diagonal 
box, a code has been allocated. In our case, for coding of the off — diagonal boxes, it has been 
adopted the Expert Semi — Quantitative method (ESQ) assuming a number from 0 to 4, allo- 
cated as follows: 0 — no interaction; l- weak interaction; 2 — medium interaction; 3 — strong 
interaction; 3 — critical interaction. 

In Figure 2, it is shown an example of 21 x 21 tunnel interaction matrix, coded using Expert 
Semi — Quantitative method for a tunnel assessment. With reference to Figure 2, each row of 
the matrix contains the influences of the diagonal variable on all the other leading diagonal 
variables in the matrix and the total of this row can be termed as Cause, because this is the 
total way in which the diagonal variable influences the system. On the contrary, each Column 
contains the influence of all the other variables on the diagonal variable and the total of the 
Column can be termed as Effect, because this is the total way in which the system affects the 
diagonal variable. 

For this example of tunnel interaction matrix, in Figure 3 are plotted the 21 pairs of the 
Cause — Effect (C,E) co-ordinates, one for each variable in the leading diagonal while in 
Figure 4 the sum (C+E) and difference (C — E) of the C,E co-ordinate. The C + E value 
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P1= EXCAVATION METHODS AND DIMENSIONS 
P2 = ROCK SUPPORT 


PS = DISCONTINUITY GEOMETRY AND APERTURE 

P6 = ROCK MASS STRUCTURE 

P7 = IN SITU ROCK STRESS 

P8 = HYDRAULIC CONDITIONS (WATER FLOW) 

P9 = GROUND WATER CHEMISTRY 

P10 = CONSTRUCTION 

P11 = MAINTENANCE 

P12 = DETERIORATIONS DUE TO WATER 

P13 = DETERIORATIONS DUE TO THE SURROUNDING GROUND 

P14 = DETERIORATION OF LINING MATERIALS (CONCRETE LINING BOTH CAST IN SITU OR PRECAST) 

P15 = DETERIORATIONS IN WATERPROOFING, DRAINAGE AND SURFACE WATER COLLACTION SYSTEM 
P16 = DETERIORATIONS AFFECTING THE STRUCTURE AND GEOMETRY OF THE TUNNEL - CRACKS 

P17 = DETERIORATIONS AFFECTING THE STRUCTURE AND GEOMETRY OF THE TUNNEL - DEFORMATIONS 
P18 = DETERIORATIONS AFFECTING THE STRUCTURE AND GEOMETRY OF THE TUNNEL - DEFECTS LINKED TO WORKMANSHIP 
P19 = DETERIORATIONS IN CIVIL ENGINEERING ELEMENTS 

P20 = DETERIORATIONS ASSOCIATED WITH FIRE 

P21 = DETERIORATIONS ASSOCIATED WITH POOR MAINTENANCE 


Figure 1. A 21x2linteraction matrix for a tunnel assessment, leading diagonal variables. 
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Figure 2. A 21 x 21 interaction matrix for tunnel assessment. 


represents how active that particular variable is within the matrix system: the higher the value, 
the more active the variable. The C — E value represents how dominant the variable is within 
the system: a positive value indicates that the variable is affecting the system to a greater 
extent than the system is affecting the variable (Hudson, John A. & Feng, Xia — Ting, 2015). 
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Figure 3. Cause — Effect plot for the 21 x 21 interaction matrix. 
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Figure 4. C + E (interactive intensity) and C — E (dominance/subordinacy) for each leading diagonal 
variable. 


In conclusion, by the interaction matrix coded using the Expert Semi-Quantitative method, 
any deterioration, defect or fault can be correlated to the different factors of influence con- 
cerning the site (rock surrounding, action of water, environment), the construction (design, 
construction methods, nature of the materials) and the life of the structure (operation, moni- 
toring maintenance). 

In the following Figure 5, it is summarized this first stage of the tunnel assessment, concern- 
ing the acquisition of all the related factors behind the deteriorations, defects and faults. 


3 INSPECTION OF STRUCTURE 


The first activity for the preservation of tunnel infrastructures is the surveying by periodic visual 
detailed inspections supported by simple assessment techniques such as hammering. Visual 
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Figure 5. Tunnel assessment, stage 1, tunnel records: factors behind the deteriorations, defects or faults. 


inspection can provide a good indication of tunnel condition and any changes. However, there 
are some limits due to the subjectivity of observations, even if well-trained and sufficiently know- 
ledgeable staff, and that carry out the inspections the only part of a tunnel that is visible to 
inspections is its intrados surface. In this regard, it is indispensable before the beginning of the 
inspection to remove all the protective measures hiding the lining. Because the inspection time is 
limited due to the heavy traffic of the Italian motorway, it is important to minimize time in the 
field as much as possible. This aspect can be solved by high resolution thermographic and photo- 
graphic laser scanner survey carried out before the inspection. Consequently, it is possible to 
carry out a pre — inspection in the office using the scanned images. In this case, based on the 
damages that have been already registered by laser scanner, during the inspection lead through 
the tunnel, it is enough to check, correct or add, what has been already registered. 


4 TUNNEL INVESTIGATION 


Based on the inspection results, the tunnel will be target according to the best and worst areas 
and classified into several zones depending on its construction, condition, features and envir- 
onment, including ground conditions. Consequently, a tunnel investigation will be planned to 
response to the following specific need: 


a. to investigate the properties of the ground and any variations along the length of the 
tunnel, including soil and rock types, physical and chemical characteristics, spacing and 
orientation of fractures, faults and joints, joint fillings, presence of mineralized zones etc.; 

b. for the tunnel lining to detect the location and potential harm of hidden defects, such 
voids, delaminating behind coating, thickness of concrete cover, profile, materials condi- 
tion, structural action, evidence of distress or deterioration (movement and distortion, 
cracking, delamination, deboning, spalling and loss of section, etc.), corrosive reinforced 
bars, preliminary lining of shotcrete and ribs; 

c. to investigate the extent of the noted defects, deteriorations or faults; 

d. to obtain the properties of structural materials such as compressive strength, carbonation 
depth, presence of chlorides inside the concrete dangerous for the steel bars corrosion; 

e. to investigate the extent of leakage, variations in water ingress and tunnel wetness, poten- 
tial sources and path of water ingress, characteristics of any water entering, especially its 
chemical nature and contamination. 


For this purpose, the following techniques for tunnel investigation can be implemented: 


1. dimensional measurement and surveying by laser scanning and digital photogrammetry; 
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2. specialist non — destructive geophysical techniques: ground penetrating radar (GPR), ther- 
mal imaging, ultrasonics; 

3. core and removal of core samples; 

4. execution of endoscopes/borescopes; 

5. semi — destructive in situ testing methods: carbonation depths, corrosion potentials, strain 
measurements using flat-jacks or over-coring, pull-out tests to estimate strength; 

6. water sampling and analysis and local measurements of ingress rate; 

7. laboratory tests on core samples: mechanical testing to determine properties such as com- 
pressive strength and modulus; measurements of physical characteristics such as porosity 
and permeability; chemical characterization of materials by x-ray diffraction, thermog- 
raphy and other techniques. 


5 DIAGNOSIS AND ASSESSMENT OF THE TUNNEL 


In accordance with the result of inspection and investigation on each part of tunnel, for 
the severity of defects and assessment of the tunnel, the IQOA (Image Qualité des Ouv- 
rages d’Art) - Tunnels method (CETU, 2015) has been adopted. The IQOA system pro- 
vides two rating, one for the lining structure (“civil engineering” rating) with reference 
to deteriorations, defects, damages etc. and the other for the presence of water in the 
lining (“water” rating), which can accelerate the structural deteriorations. The “Civil 
engineering” ratings awarded allow to consider for the condition of the tunnel 5 classes 
whose definition is based on the type and severity of the deteriorations affecting the 
structure and to define the scheduling of the remedial action. For the “Water” rating, 
the condition of a tunnel area can be characterized by 3 classes whose definition is 
based on the extent and form of the presence of water. The influence of water on the 
condition of the structure is no longer taken into consideration in this rating, because 
evaluated under the “Civil engineering” class. In conclusion, in Figure 6, the adopted 
procedure in assessment is summarized. 


6 REPAIR WORKS 


Based on the inspection and investigation results, for the corresponding damages, it is possible to 
define the works required for restoring the structural safety of the liner. Because of the IQOA clas- 
sification, which allows defining the hazard of the detected defects and by numerical modelling to 
evaluate the forces and moments acting on lining cross section (Figure 7), it is possible to take the 
right decision on rehabilitation approach, either limited to localized areas or extended to the 
whole tunnel. 

For tunnel defects localized to limited areas a spot rehabilitation can be carried out, fre- 
quently adopting the following techniques: 


1. installation of a two layers of welded wire mesh fixed by anchors or small rock bolts; 

2. installation of corrugated sheeting or steel sheeting plates fixed by anchors or rock bolts; 

3. installation of steel ribs inside the lining surface, although this may slightly reduce the 
tunnel section free space; 

4. localized restoration of some concrete sections adopting demolition by jack hammering 
and rebuilding by layers of welded wire mesh fastened to the sound concrete with rock 
bolts and dry-mix, rapid-set shotcrete; 

5. in case of extensive damages general rehabilitation of the entire internal surface of the 
lining removing a thin superficial layer of 3-5 cm along the entire tunnel length, installation 
of single layer of welded wire mesh fixed by anchors and final application of rapid-set dry- 
mix shotcrete over the whole surface; 
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EXECUTION OF HIGH RESOLUTION THERMOGRAPHIC AND 
PHOTOGRAPHIC LASER SCANNER SURVEY (TUNNEL SCANNER 
‘SYSTEM, TSS) 


VISUAL DETAILED INSPECTION WITH REFERENCE TO THE 
CATALOGUE OF DETERIORATIONS, DEFECTS, DAMAGES AND 
FAULTS 


ANALYSIS OF THE SEVERITY AND ENTITY OF THE DEFECTS DETECTED 
FROM THE TUNNEL AND THE FACTORS OF INFLUENCE CONCERNING 
THE SITE BY THE RES INTERACTION MATRIX 


(1) Measurement and surveying by laser scanning of tunnel 
geometry; (2) Ground penetrating radar (GPR); (3) core and removal 
of core samples; (4) execution of endoscopes/borescopes; (5) semi 
= destructive in situ testing methods: carbonation depths, 
corrosion potentials, strain measurements using using flat-jacks or 
overcoring, pull-out tests to estimate strength; (6) water sampling 
and analysis and local measurements of ingress rate; (7) laboratory 
tests on core sample. 


works (3 = non urgent; 3U 


actio 


Figure 6. Procedure adopted for the tunnel assessment and example of tunnel mapping of the detected 
defects and ground penetrating radar (GPR) results. 


Figure 7. Examples of tunnel lining numerical modelling and cross - sections considered for the 
verifications. 


6. for serious defects, deriving from construction problems and/or the presence of geological 
faults, partial or integral demolition and reconstruction of the crown or lining (crown and 
spring-lines); sometimes before implementing the interventions the soil or rock mass behind the 
existing lining is consolidated. 


REFERENCES 


CETU - Centre d’Etudes des Tunnels (2015). Road tunnel civil engineering inspection guide. Book 1: 
from disorder to analysis, from analysis to rating. 


3038 


CETU - Centre d’Etudes des Tunnels (2015). Road tunnel civil engineering inspection guide. Book 2: 
Catalogue of deteriorations. 

Hudson, John A., Feng, Xia Ting (2015). Rock Engineering Risk. CRC Press/ Balkema,Taylor & Francis 
Group. 

Ministero delle Infrastrutture e dei Trasporti. 2020. Direzione generale per la vigilanza sulle concessio- 
narie autostradali Manuale Ispezione Gallerie. 

Ministero delle Infrastrutture e dei Trasporti. 2020. Gallerie autostradali rivestimenti. Nuovo catalogo 
difetti. 

McKibbins, L., Elmer, R., Roberts, K. (2009). Tunnels: inspection, assessment and maintenance. CIRIA 
A C671. 

U.S. Department of Transportation, Federal Highway Administration (2015). Tunnel Operations, Main- 
tenance, Inspection, and Evaluation Manual. Pubblication No. FHWA-HIF-15-005. 


3039 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Interactions between safety, maintenance and repair in long, 
deep-lying, high-speed railway tunnels, using the example of the 
Koralm Tunnel 


F. Diernhofer 
ILF Consulting Engineers Austria GmbH, Austria 


H. Steiner 
OBB Austrian Federal Railways, Austria 


ABSTRACT:  Extraordinarily long, deep-lying high-speed railway tunnels are complex sys- 
tems that require a large amount and variety of installed equipment to ensure safe, and ideally, 
uninterrupted rail operations. Each individual installation inside a tunnel (in the tunnel tubes, 
cross passages or rescue stations) requires regular maintenance as well as servicing and renewal. 

New transalpine railway tunnels, such as the Lotschberg, Gotthard and Ceneri tunnels, consist 
of two separate single-track tubes connected at regular intervals by cross passages, which serve as 
escape routes into the safe tunnel tube and accommodate the necessary railroad equipment. 

The 33-km-long Koralm Tunnel (KAT) in Austria, in which railway equipment is currently 
being installed, also falls into this category. Using the KAT as an example, the interactions 
between maintenance, safety and repair in tunnels are discussed, and a methodical approach 
to dealing with failure of and disruptions to safety-relevant systems, whilst only restricting rail 
operating conditions for a limited period of time, is given. 


1 GENERAL 


1.1 The Koralm Tunnel 


The Koralm Tunnel (KAT), crossing the Eastern Alps, is part of the “Koralmbahn” Koralm Rail- 
way line, which is part of the Baltic-Adriatic corridor in the core network of the Trans-European 
Transport Network (TEN-T core network). With a total length of 33 km, the KAT, when it goes 
into operation, will be one of the longest railway tunnels in the world and the longest in Austria. 
As illustrated in Figure 1, the KAT’s two single-track tubes are connected every 500 m by cross 
passages (69 in all). Approximately in the middle of the tunnel, a rescue station can be reached via 
9 emergency exits every 50 m along 450-m-long rescue platforms in both tunnel tubes. Traffic 
forecasts predict that a traffic volume of approximately up to 80 passenger trains and 150 freight 
trains will travel through the KAT per day. The maximum train speed in the tunnel will be 
250 km/h. Operation of the KAT is scheduled to commence at the end of 2025. 


1.2 Selection of the tunnel system for the Koralm Tunnel 


Designers of long tunnels have a high level of responsibility towards future tunnel operators. This 
particularly manifests itself when weighing up the initial investment costs against future operating, 
maintenance and renewal costs. All designers and operators should be aware of this fact in light of 
today’s demands for adopting the “design-to-cost” approach (Ehrbar & Vetsch & Zbinden, 2015). 
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Figure 1. Schematic diagram of the Koralm Tunnel. 


At the beginning of the overall design for the KAT, a decision had to be made regarding 
which tunnel system would be the most suitable. In tunnels with two separate single-track 
tubes, regular maintenance work always leads to track closures because access to the technical 
rooms can only be gained via the tunnel tubes. In contrast, in tunnels with a 3 tube, such as 
the Channel Tunnel and the Brenner Base Tunnel, it is possible to carry out a wide range of 
maintenance work without restricting rail operation. 

Three tunnel system variants were examined and evaluated based on criteria related to the 
construction and operational phase. A tunnel system with two single-track tubes (S-S) was 
defined as the reference variant (+/-0) and was compared to a variant with three single-track 
tubes (S-S-S) and two single-track tubes and one rescue/service tube (S-R-S) in between. The 
results of the examination are displayed in Figure 2. 
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Figure 2. Results of the tunnel system variant comparison (ILF on behalf of OBB, 2005). 


The availability of a 3™ tube in the S-R-S and the S-S-S system brings clear advantages 
when it comes to operational management, maintenance and safety. However, these criteria 
are not of such great relevance for the KAT since the necessary track closures for maintenance 
activities can be scheduled into the operating program for the Koralm Railway Line. 

With regard to maintenance, the advantages of there being safer framework conditions for 
the maintenance workers in the traffic-free tube (S-R-S) are offset by the increased mainten- 
ance efforts caused by this 3"! tube. If the 3" tube is designed as a traffic tube (S-S-S), this 
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would also lead to disadvantages due to the increased maintenance efforts when compared to 
the S-S system. Moreover, the operational program for the Koralm Railway Line has been 
designed in such a way that there is no need for a 3" traffic tube. 

Concerning the criterion of personal safety, the availability of a 3"! tube eases emergency 
and maintenance management due to the lower operational complexity (S-R-S). However, if 
the 3"! tube is designed as a traffic tube (S-S-S), the advantage of this lower complexity is lost. 
As a result, the benefits of better conditions for personal safety are nullified. 

With respects to building costs, the additional 3" tube in the S-S-S and the S-R-S systems 
brings obvious disadvantages compared to the S-S system. Ultimately, the disadvantages of the 
S-S-S system clearly outweigh the disadvantages of the reference system (S-S), but no definitive 
recommendation can be made when comparing the S-S system with the S-R-S system. 

The fact that the tunnel system variant with two single-track tubes has been chosen for the 
KAT is of course also due to financial aspects. Experience from comparable projects in Switzer- 
land has shown how difficult it is to implement tunnel projects with high investment costs in the 
given political environment. In the case of the Gotthard Base Tunnel, for example, the originally 
intended tunnel system with 3 tubes was discarded despite the tunnel length being greater and the 
traffic volume being higher than that of the KAT. In the end, a tunnel system with two single- 
track tubes was implemented. Even higher building (time) costs due to a third tube would have 
led to an abandonment of the entire AlpTransit project (Ehrbar & Vetsch & Zbinden, 2015). 


2 TUNNEL MAINTENANCE 


2.1 Maintenance concept and principles for the Koralm Tunnel 


For all of the work that is to be carried out in the KAT, the principle applies that no mainten- 
ance activities and rectification work shall be carried out during tunnel operation. All mainten- 
ance work (including that in the cross passages) is only to be carried out when the respective 
track tube is closed to operation. By clearly separating the area(s) in which maintenance work 
takes place from the area(s) in which trains operate, any danger to maintenance personnel from 
moving trains can be avoided. The area(s) in which maintenance work is performed is, further- 
more, always to be accessed by rail. Using the available maintenance vehicles, the personnel of 
several maintenance crews shall be guided to their respective work sites in the tunnel. If several 
groups of workers are working or travelling in the closed track area at the same time, clear oper- 
ational or technical measures are to be taken to ensure occupational safety. 

All of the equipment installed in the tunnel is to be arranged in the cross passages, as far as 
this is technically possible and compatible with the requirements. In this way, the maintenance 
work for installations in both track tubes can be carried out at the same time starting from the 
cross passages. The maintenance strategy currently foreseen for the KAT is predominately 
a preventative maintenance strategy, whereby maintenance will be performed at regular inter- 
vals. Consideration should also be given to adopting a condition-based maintenance strategy, 
as this would enable maintenance of installations to be carried out only on an as-needed basis. 


2.2 Maintenance effort for the Koralm Tunnel 


The success of the maintenance strategy for the entire 130-km-long Koralm Railway Line is 
dependent on it being possible to successfully perform maintenance work in the KAT. For the 
regular maintenance of the tunnel installations, tunnel tube closures of at least 6 to 7 hours 
are predicted due to the long tunnel length and access to the installations only being possible 
from the portals. As can be seen in Figure 3 (left), it is predicted that the amount of mainten- 
ance work required in the track tubes and in the cross passages will be about equal. Only 
a small part of the maintenance work in the portal areas and ventilation buildings can be car- 
ried out without impacting tunnel operation (Diernhofer & Schneider & Steiner, 2019). 

Figure 3 (right picture) gives a breakdown of the different maintenance activities predicted 
to be required in the KAT; the activities are grouped according to the specialist equipment 
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Figure 3. Predicted maintenance work [%] according to tunnel location and specialist equipment area. 


area to which they relate. The greatest share of maintenance work (28%) relates to electrical 
equipment (power supply), followed by communications equipment (23%). 

Predicted maintenance work in the cross passages significantly varies from predicted main- 
tenance work in the track tubes and essentially only involves activities related to the following 
three specialist equipment areas: telematics, electrical equipment and mechanical systems (all 
of which individually account for approx. 1/3 of the maintenance work in the cross passages). 
If the overall amount of maintenance work that is predicted for all 69 cross passages of the 
KAT is broken down to an average figure for each cross passage, then it amounts to about 35 
h/a. This means that about 2,400 team-hours of work are predicted to be spent on mainten- 
ance every year only for the cross passages. 

If the time predicted to be required for maintenance work in the track tubes is added to this, and 
the time needed for the arrival and departure of the individual specialist(s) to the work area is taken 
into account, this results in about 5,000 team-hours or approx. 150-200 maintenance shifts per year, 
with circa 6-7 hours of track closure time to be assumed. This leads to at least 3 expectable track 
closures per week in the particular maintenance section(s) (tube/track 1 or tube/track 2). 


3 TUNNEL SAFETY MEASURES VS. MAINTENANCE 


3.1 Safety standards in railway tunnels 


Modern society has high expectations regarding the safety and reliability of technical systems, 
and often assumes that they provide complete protection against hazards that pose a threat to 
human life, the environment and material assets. This assumption of absolute safety is, however, 
unrealistic. Nonetheless, attempts are made to achieve high safety standards in railway tunnels, 
especially when it comes to extraordinarily long tunnels. The implementation of technical safety 
measures promises to achieve this high safety standard, but also causes an increased mainten- 
ance effort. The question that arises here is whether the desire and increasing requirement to 
achieve high safety standards is the sole cause of the increased maintenance effort in tunnels. 
Claiming that tunnel safety is solely responsible for the increased amount of installation equip- 
ment in railway tunnels would be somewhat short-sighted, especially since many structural and 
technical measures (e.g. level sidewalks, handrails and lighting, communication equipment, etc.) 
not only improve tunnel safety but also often contribute to increased occupational safety for rail- 
way personnel. Tunnel safety measures play an important role in creating safe areas underground 
in which survivable conditions for evacuees of trains can be maintained. In the case of very long, 
twin-tube tunnels, these areas comprise the cross passages, the opposite tube and - if available - 
underground rescue stations. All of these areas must remain smoke-controlled even in the event of 
a severe fire in the tunnel, and must therefore be equipped with appropriate ventilation systems 
(e.g. to create overpressure or for smoke extraction). The provision of a fire-fighting water supply 
in the tunnel is also important, and becomes more and more challenging the longer a tunnel is. 
Another reason for the large amount of technical installations in tunnels is that safety-relevant 
systems, such as pumps, orientation lighting and communications equipment, have to have 
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a redundant power supply. All in all, it is true to say that the high safety requirements in tunnels do 
lead to a significant increase in the number of installations, especially with regard to the technical 
equipment (mechanical and electrical equipment as well as telematics systems) for the railway. 

Any equipment that is to be installed and/or any measures that are to be implemented in 
the tunnel that are not expected to result in a significant increase in safety should therefore be 
critically examined and evaluated with regard to their risk-reducing effect. The 4-layer TSI- 
SRT model for the promotion of safety in tunnels (Technical Specification for Interoperability 
relating to ‘Safety in Railway Tunnels’ (TSI-SRT, 2019, see Figure 5)) can be used for this 
purpose. Whenever possible, investments should primarily be made in favor of 1.) prevention 
measures, followed by 2.) mitigation, 3.) evacuation and 4.) rescue measures. 
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Figure 4. Four-layer TSI-SRT model for the promotion of safety in tunnels (TSI-SRT, 2019). 


3.2 What can be optimized to reduce the maintenance effort in tunnels? 


Experience to date, related to the operation of long railway tunnels, quite clearly confirms the 
importance of following the basic rule: “As much as necessary but as little as possible”. 

The primary objective on new railway lines must be to ensure the best possible availability 
of the line with the lowest possible refurbishment and maintenance effort, and without having 
to compromise on safety. 

The major transalpine projects mentioned in the previous chapters are characterized by 
very long design and implementation phases. In our fast-moving world, it is therefore all the 
more important to keep an eye open for possible innovations and ways of optimizing projects 
which can be introduced during the project execution phase. It should also be possible to crit- 
ically question existing regulations, as these are often unable to cover, or to satisfactorily 
cover, the questions and challenges that arise during such large projects. In addition, it should 
be borne in mind that regulations often cannot be revised as quickly as decisions relating to 
new innovative solutions can be made. It would therefore make sense for the relevant guide- 
lines to be updated accordingly, or for exceptions to be allowed for particularly long tunnels. 

Successful developments in this regard include new systems such as the rigid overhead con- 
ductor rail system (ROCS), which is now a commonly-used system in long tunnels in Austria 
and is especially indispensable due to the several advantages that it brings (requiring less 
maintenance and having less susceptibility to faults compared to a catenary system). 

Returning to the example of the KAT, here, the decision has been made not to install 
a continuous extinguishing water pipeline (which is technically complex to install and requires 
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intensive maintenance, especially in long tunnels). Instead, a fire-fighting water supply will be 
provided via rescue trains stationed on each side of the tunnel that will act as a mobile water 
supply. In comparison to a continuous extinguishing water pipeline, less maintenance effort is 
required for these rescue trains and they can also be used for maintenance as well as for tech- 
nical assistance (e.g. towing broken-down trains) even beyond the tunnel area. 

Another optimization measure and way of reducing the maintenance effort is to completely 
omit or re-dimension systems whose actual safety function has become relativized over time and 
is demonstrably not cost effective in new construction projects. Examples of such systems in 
tunnels include fixed emergency call phones in tunnel tubes, which have little value thanks to 
the application of GSM technologies, as well as the electricity supply (sockets) along tunnel 
tubes, which, thanks to the rapid advancement of accumulator technology, can largely be 
replaced with independently operating electrical systems or devices. In addition, the concept of 
having rescue trains on each side of the KAT also provides a mobile power supply in the tunnel. 

With regard to the inclusion of railroad track switches, which can be used to attend to pos- 
sible system faults in tunnels, these are to be viewed particularly critically. Unless railroad 
switches are urgently required for operational reasons, their elimination in tunnels has a positive 
effect in two respects: On the one hand, since railroad switches are maintenance-intensive and 
failure-prone railway systems and essentially involve two different specialist equipment areas 
(track systems, and control and safety systems). On the other hand, because railroad switches in 
the transport network always embody certain discontinuities where the probability of train 
derailment is significantly higher than in areas further away from these railroad switches. 
Experiences from the last few years have shown that switches in tunnels have been avoided as 
much as possible in new projects (e.g. for the Koralm and Semmering tunnels). 

In comparison to the other specialist equipment areas foreseen in the KAT, the train control 
system is predicted to require the least maintenance effort (see Figure 4). However, in contrast 
to other systems, which are only necessary in cases of emergency, the control system is respon- 
sible for permanently ensuring track safety and train control. This means that failure of and 
disruption to individual subsystems (e.g. track vacancy detection system) can lead to dispropor- 
tionately large operational restrictions (a small problem, but a big impact). For this reason, with 
regard to system availability, the focus should continue to be on the greatest possible avoidance 
of sources of error and interference in all networked installations and systems related to the rail 
traffic management system (RTMS). With regard to the train control technology in particular, 
the principle of avoiding safety installations inside the tunnel tubes as far as possible (internal 
signal box systems, decentralized axle counting evaluation systems, etc.) should be followed. 


4 METHODICAL APPROACH 


4.1 Assessing risk 


Normal operating conditions, functioning technical installations, and railway systems that comply 
with regulations all ensure safe railway operation with an acceptable level of risk. Safety measures 
in tunnels should only be reduced (and guidelines should only be deviated from) to the extent that 
the defined safety level can be maintained. Following this line of argument, failure of safety sys- 
tems also does not automatically have to result in operational restrictions. Rather, it is important 
to show that operation can continue for a limited period of time under restricted operating condi- 
tions when certain safety requirements are met and a sufficient overall safety level is maintained. 

In order to make more effective use of risk-reducing systems and tunnel installations, and 
to also manage safe operation in spite of unavoidable partial system failures, railway infra- 
structure operators may apply risk assessment models. In this way, proof of a sufficient over- 
all safety level can be provided, e.g. through appropriate compensation measures. 

The first step in assessing risk is to evaluate the effects of a detected system failure on the 
overall level of risk in the tunnel. In this context, the following questions need to be clarified: 


— Is the system failure relevant or significant to tunnel safety? 
— What are the (relatively) greatest hazards that can result from the system failure in the tunnel? 
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— What contribution does the proper functioning of the system make to the overall level of 
safety in the tunnel? 


Figure 6 shows the contribution that individual safety measures (as an average share [%]) 
make to the overall safety in a modern, well-equipped railway (Austrian standard) tunnel. 


Prevention: 
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® Tunncl system 
= Fire detection 
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= Ventilation vertical emergency exit 
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= Emergency exits 
© Escape walkways 
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» Emergency lighting emergency exit 
= Emergency signage 
B Handrail 
Rescue 
= Emergency communication 
» Evacuation and Rescue point 
a Overhead line or conductor rail earthing 
= Air flow indicator 
= Fire water supply 
= Electricity supply 
* Elevator vertical emergency exit 
Roller pallets 


Figure 5. Contribution of individual measures to the overall safety level for an Austrian standard rail tunnel. 


The second step in the assessment of risk is to identify suitable risk-reducing measures. The ques- 
tion to be clarified here is which measures can potentially make a relatively large contribution to 
risk reduction in the tunnel. Evaluation of the risk-reducing effects of the individual measures is to 
be carried out within the framework of a risk analysis, which shall show whether risk reduction has 
been achieved to an acceptable level. With the help of this risk analysis, the effects of the various 
measures on operational safety and operational quality can be taken into account. Another question 
to be considered is whether operational restrictions (e.g. speed restrictions, track closures, bans on 
trains meeting in the tunnel) can be avoided if the risk analysis shows that the increased risk can be 
counterbalanced by technical or organizational measures. The operator must, nevertheless, fix the 
system failure within a given time period (see “compensation phase” in Chapter 4.2). 


4.2 Methodology for dealing with failure of and disruptions to safety-relevant systems 


The steps to be taken when a system (component) failure is detected depend on the contribu- 
tion that the safety facility or system makes to the overall level of safety in the tunnel and on 
time-dependent action phases. The urgency with which the action steps are to be taken can be 
divided into the following three phases, which are illustrated in Figure 7. 

The 1.) tolerance phase, (an X-day period of disruption starting at the time when the failure is 
detected) is the first phase in the proposed system failure management process and the phase in 
which the system failure is assessed, normally without the implementation of compensatory 
measures. In some cases, however, system-specific initial measures must be taken in the toler- 
ance phase. If, due to its complexity, a failure cannot be remedied quickly, a forecast of the dur- 
ation of the failure must be made. This phase also takes into account the available human 
resources, any spare parts that may be required as well as scheduled, upcoming track closures. 

The tolerance phase is followed by the 2.) compensation phase (an X- to XY-day period), in 
which specific compensatory measures must be taken to compensate for the increased level of 
risk in the tunnel caused by the system failure (disruption). Such compensatory measures can 
be technical (e.g. replacement lighting) or operational (e.g. ban on mixed traffic). 
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The third and final phase — the 3.) restriction phase (>XY days after failure detection) — is 
the period of time in which operational compensatory measures (restrictions) have to be taken 
in order to compensate for the disruption-related increased level of risk. 

The application of this proposed system failure management methodology ensures safe 
tunnel operation in spite of partial system deficiencies, reduces the need for immediate track 
closure, and also assists the authorities responsible for maintenance in performing the appro- 
priate, time-critical repair steps. 
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Figure 6. Proposed methodology for managing safety-relevant system failures in tunnels. 
5 OUTLOOK 


The prediction of the amount of maintenance work that will be required for the KAT (see Chap- 
ter 2.2) is predominantly based on a preventative maintenance strategy. This means that the predic- 
tion has been made based on the assumption that periodic inspection and maintenance work will be 
performed on fixed dates. In order to ensure smooth operation on the Koralm Railway Line in 
years to come, condition-based maintenance will also be particularly important, with the mainten- 
ance cycle for installations being largely determined by the condition of the installations, which shall 
be assessed remotely, whenever possible. Nevertheless, predictive maintenance is considered to also 
have great potential with respects to optimizing the availability of the Koralm Railway Line. 

The Austrian Federal Railways (OBB) is currently working on an optimized, holistic operating 
program which is intended to ensure effective and sustainable maintenance on the entire 130-km- 
long Koralm Line under the given operating conditions (train schedule) and constraints (personnel 
and resources based). At the same time, however, those responsible for the operation of the railway 
line are also aware that the maintenance processes will have to be further coordinated after commis- 
sioning and that organizational adjustments and optimizations must be made iteratively in this ini- 
tial phase. The proposed methodical approach for managing safety-relevant system failures may 
play an important role, especially in this initial phase, as it supports the authorities responsible for 
maintenance in performing the appropriate, time-critical repair and optimization steps. 
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ABSTRACT: New tunnel inspection tools using state-of-the-art technologies for high- 
performance image acquisition are developed to better address the operational constraints 
faced by tunnel managers in organizing inspections. To date, there is no regulation or tech- 
nical guideline setting a framework of practices for the use of these tools. CETU, in partner- 
ship with tunnel managers and three operators developing innovative inspection tools, has 
conducted field tests to compare the results obtained with the one of traditional inspection as 
defined by the French regulation ITSEOA. The present paper focuses on the key parameters 
that ensure a good quality acquisition for identifying structural defects on two-dimensional 
images. It also aims at providing tunnel managers with a first insight of how to define their 
specifications and organize the intervention on site. 


1 INTRODUCTION 


Detailed Periodic Inspections (DPI) are essential monitoring actions for the management of 
the tunnel structure. They allow for the assessment of the apparent condition of the tunnel 
structure by identifying all the defects and following their evolution. This is an opportunity 
for the tunnel manager to obtain an expert opinion on the structural condition of the tunnel 
and on maintenance, surveillance, additional studies, repairs, and, if needed, safety measures 
to implement. Traditional DPI defined by the French regulation ITSEOA — Booklet n. 40 
(CETU 2012) consist in a manual inspection of all parts of the tunnel (e.g. safety galleries, 
ventilation conducts, tunnel heads) with the aid of adapted access platforms, as a bucket 
truck, to be in contact with the structure. DPI include simple on-site surveys as crack width 
measurement and hollow sounding areas search with a hammer to characterize the defects 
detected. Such DPI require traffic disruptions of several days or weeks depending on the 
tunnel dimensions, in most cases by night. 

Innovative tools are developed for tunnel inspections based on high-performance image 
acquisition. Three main technologies are used individually or in combination (so-called hybrid 
systems): photogrammetry (e.g. Jobard et al. 2021; Mett et al. 2019), lasergrammetry (e.g. 
Laurent et al. 2014), and thermography (e.g. Cereyon et al. 2019; Frachon & Poli 2021). The 
initial purpose of these tools is to reduce the time spent on site for identifying defects. They 
offer interesting perspectives for tunnel managers, especially when dealing with long or ageing 
tunnels with many defects. However, one should not lose sight of the main objective, which is 
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to meet the requirements of a DPI. For the time being, DPI carried out with these tools alone 
do not comply with the French regulation ITSEOA. 

In accordance with its mission of developing and disseminating regulatory and technical 
guidelines in the field of underground structures, CETU aims to establish a framework of 
practices for the use of new tunnel inspection tools for the entire profession. To do this, 
CETU conducted an experimental research project in partnership with two tunnel managers 
and three operators having a strong experience in traditional inspections and developing 
innovative tools: Amberg Infra 7D, Setec-Diadés, and Spacetec. 

For a DPI, the main issue is the structural defects map. Indeed, the inspector builds his ana- 
lysis of the structure health condition directly from the defects map. Thus, the paper highlights 
the key parameters identified during the experiments that ensure a good quality acquisition 
for identifying defects on two-dimensional (2D) images rather than the obtained results. It 
also aims at providing tunnel managers with a first insight on how to define their specifica- 
tions and organize the intervention on site. 


2 EXPERIMENTAL APPROACH 


2.1 Tested solutions 


To carry out the tests, CETU collaborates with three partners whose inspection tools cover 
the range of technologies mentioned in introduction: photogrammetry, laser scanning and 
thermography. 


2.1.1 MISS 

MISS is a mobile trolley on which several sensors can be installed (Figure 1). The sensors 
tested by CETU, recently developed by Amberg Technologies and Fraunhofer, allow two sim- 
ultaneous measurements: 


e a3D laser scan measures the distance and the amount of laser signal reflected from the sur- 
face of the tunnel lining (X, Y, Z coordinates, reflectivity), which are converted into grey 
scale images; 

e a sensor detects the presence of moisture on the surface of the lining by differential absorp- 
tion spectroscopy (sensor in test phase). 


MISS includes an inertial measurement unit (Amberg Measuring Unit) which measures the vari- 
ous rotations of the system and enables the calibration of the 3D reconstruction of the tunnel. 


Figure 1. MISS acquisition system. Figure 2. TS4 acquisition system. 


2.1.2 TS4 
Spacetec has recently developed the TS4 tool for tunnel inspections (Figure 2). It allows for 
several simultaneous measurements: 
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e a3D laser scan measures the distance and reflectivity of the surface of the lining; 

e an infrared laser scan measures lining radiation; 

* 12 high-resolution color line scan cameras measure the amount of light reflected from the 
surface of the lining. 


TS4 is equipped with a powerful and continuous LED light necessary for color image acqui- 
sition. Two operators from the vehicle cab control data acquisition. A real-time visualization 
of the raw data allows the quality of the acquired data to be checked by sampling: e.g. focus- 
ing of color cameras. 


2.1.3 ID-NT V2© 
The ID-NT V2© system developed and patented by Diadés (Figure 3) is made of various sensors 
grouped together in a box suspended on a mobile system, which is pushed manually or towed: 


* 10 high resolution color matrix cameras measure the amount of light reflected from the sur- 
face of the scanned object (in RGB); 

¢ 5 infrared cameras measure the radiation of the scanned object; 

e a2D laser scan measures the distance to the surface of the scanned object; 

e distance sensors measure the distance to the pavement and allow autonomous control of 
system positioning during acquisition; 

* sensors measure the ambient temperature and humidity. 


The acquisition system also includes an inertial unit. An odometer monitors the progress of 
the system. The ID-NT V2© system is equipped with continuous lighting for color images. 
Real-time data reading and an alert system make it possible to identify (with the help of 
thermography in particular) areas that may give rise to doubts about certain defects. The pres- 
ence of an inspector during the acquisition process makes it possible to control these alerts, 
but also to remove them by accessing the relevant parts of the work. 


Figure 3. ID-NT V2© acquisition system. 


2.2 Experimental sites 


Among the tunnels inspected according to the traditional method by its Central Inspection 
unit, CETU selected four tunnels based on the following criteria: 


¢ Tunnels located on the same route to facilitate interventions; 

¢ Recent traditional DPI (less than 4 years); 

e Different cross section geometries; 

° Different types of lining (rock, reinforced and non-reinforced concrete, painted); 

e Typical defects encountered in tunnels (e.g. cracks, water ingresses, local concrete spalling). 


2.3 Method of analysis 


As already stressed out, the main issue for a DPI is the quality of the defects map. The pre- 
diagnosis, the recommendations of measures proposed to the tunnel manager directly depend 
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on the defects map and its analysis. The target objective is therefore to be able to detect the 
same defects with innovative inspection tools as with traditional inspections. To this end, the 
innovative tools combine different acquisition sources, are supplemented with traditional 
inspection on targeted zones and with other types of measurement as ground penetrating 
radar (e.g. Foria et al. 2019). 

Due to intrinsic limits of the tools, some defects and information cannot be detected on 2D 
images whatever the parameters discussed in this paper: e.g. hollow sounding areas, mis- 
aligned edges of a crack, a defect hidden behind a ventilation fan. These limitations are an 
integral part of the research project (see Doreau et al. 2019) but are not addressed in this 
paper. The focus here is on the defects that are visible on 2D images recorded by laser scans, 
visible or infrared cameras. Accurate image interpretation relies on a careful calibration and 
a selection of adequate acquisition settings (the latter are discussed in the next section). 

For the tested tunnels, the results of recent traditional DPI and the presumably slowly 
developing character of the defects present on the lining allow a relevant comparison between 
the different inspection methods. Still, the comparison takes into account the evolution of 
defects detected at different seasons of the year (e.g. water ingress). 


3 KEY PARAMETERS FOR A GOOD QUALITY ACQUISITION 


3.1 Image resolution 


Tunnel inspections cover a wide variety of punctual, linear, and surface defects, whose dimen- 
sions range from the tenth of meters to several meters. Image resolution refers to the size of 
a pixel. For tunnel DPI, the resolution should be high enough to resolve the smallest defects 
(e.g. hairline cracks on reinforced concrete) and characterize such defects (e.g. extension, 
opening, and misalignment). 

The resolution of color cameras depends on the size of the camera sensor and its pixels. For 
laser scanners, it depends on the smallest possible increment of the angle between two succes- 
sive points and the size of the laser spot itself on the scanned object. With existing high- 
resolution sensors, it is technically possible to detect any visible defect on a tunnel lining. 
However, in practice, the resolution of acquired images is constrained by the speed of acquisi- 
tion and the distance to the structure. The speed of acquisition refers here to the speed of the 
vehicle during acquisition and not the laser scanning speed (number of points per second) or 
the cameras frame rate even though these technical parameters do affect resolution. 

The speed of acquisition and the distance to the structure are of main importance since they 
have a direct impact on the number of runs requested to cover the whole surface of the tunnel 
lining and on the duration of the acquisition, meaning the duration of traffic disruption. 


Table 1. Optimum acquisition settings for each system and settings used for the experiments. 


Inspection Target resolution Optimum driving Magmum dis. en scrven.- SEMECHYE OIS: 


too] (pixel size) seed! tance to the driving tance for a test 
p p lining? speed in one run? 
mm km/h m km/h m 

MISS Laser images: 4 3 6 1 6.35 
Laser images: 3 4 5 

TS4 Thermography:3 4 5 10and4 5.35-6.35 
Color images: 1 10 5 

ID-NT V2© Color images: 0.95 4 6 1.5 5.9 — 6.35 


1 It is the optimum speed to reach the target resolution and not the maximum speed of the device. 

? It is the maximum distance from the device axis and the tunnel lining to reach the target resolution at the 
optimum speed. It is based on lab-calibration and field experience. 

3 It is the actual distance range used during CETU experiments, constrained by the cross-section geometry and 
the duration of acquisition (one run only with the device at the tunnel axis). 
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Thus, the challenge is to find a good compromise between speed, distance, duration, and reso- 
lution. Table 1 provides the optimum acquisition settings for each system that enable the 
detection of thin cracks (with an opening inferior to 0.3 mm), and not necessarily their charac- 
terization. For comparison, the human eye has a detection limit of 0.15 arc minute (0.0025°), 
meaning that it can detect a crack opening of about 0.05 mm at one meter from the lining. 


3.1.1 Speed of acquisition 

One can consider the speed of acquisition as the first selection criterion. It is essential for 
time-consuming operations, especially for large and long tunnels requiring multiple runs to 
cover the whole surface of the structure. However, a higher speed of the vehicle results in 
a lower resolution. For example, for laser scan, the denser the point cloud the higher the reso- 
lution of the images. A higher speed of the vehicle increases the laser line spacing, thus 
decreases the density of the point cloud (Figure 4). 


Figure 4. Zoom on laser images recorded at 10km/h (top image) and 4km/h (bottom image) with TS4. 


3.1.2 Distance to the structure 
First, the distance to the lining is constrained by the technical limitations of the sensors. For 
instance, the visual and infrared cameras of the ID-NT V2©, arranged in a star pattern, 
require a minimum distance from the tunnel wall to achieve an overlap in the cones of sight 
(depending on the angular opening). This minimum distance is 80 cm for visual cameras and 
1.50 m for infrared cameras. Then, there is a maximum distance between the device axis and 
the structure surface to ensure a high resolution while limiting the number of runs (Figure 5). 
Experiments showed that it is difficult to maintain a constant distance while advancing any 
system even with the help of distance meters. Moreover, the cross-section geometry varies 
inside a given tunnel: e.g. different excavation diameters, parking or U-turn areas, a slab sep- 
arating ventilation ducts from the traffic area, or an irregular rock lining. 


3.2 Ambient conditions 


3.2.1 Lighting 

Tunnels do not always have a lighting system. When they do, it is not uniform: e.g., the light- 
ing system is reinforced close to the heads of the tunnel; sidewalls are illuminated but not the 
vault. Laser-based tools do not depend on visible light. However, for color cameras, supple- 
mentary lighting is necessary to detect defects on the images. The supplementary lighting is 
defined according to a set of parameters such as the acquisition surface, the speed of acquisi- 
tion, the sensitivity of the sensors, and the optics settings. Non-uniform lighting makes it diffi- 
cult to detect defects that are located between clear and dark areas in the images. 
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3.2.2 Ambient humidity and temperature 

The weather conditions close to the heads of the tunnel and the ambient humidity inside the 
tunnel can cause condensed water on the structure surface or droplets of water in the air (as 
kind of mist). Condensed water on the surface will make it difficult to detect wet areas of 
water ingress on all types of images. Droplets of water might affect the sharpness of color 
images and deviate laser signals. However, the impact of such humidity remains local. In long 
tunnels with a high overburden, the water on the concrete surface may be at the same tem- 
perature as lining. In such a case, the infrared acquisition would not allow the identification 
of wet surfaces. 


Figure 5. Comparison of color images resolution acquired with ID-NT V2© at about 6m (left image) 
and 3m (right image) from the tunnel wall. 


3.3 Structure aspect 


The strong contrast between the unpainted vault and the painted walls is a sensitive point for 
measurement. Even with supplementary lighting, this contrast has a strong impact on the 
white balance management of color images. This phenomenon is accentuated when reflective 
paint is applied to the lining (see Doreau et al 2019). Several runs with different lighting condi- 
tions in the vault and in the pavement may then be necessary to ensure the quality of the data 
over the entire surface. 


Figure 6. Thin cracks with an opening of about 0.2mm (indicated by yellow arrows) detected with 
MISS despite bubbling and esthetical defects on the concrete surface (indicated by blue arrows). 


The esthetical aspect of the lining influences the interpretation of the images. This not dir- 
ectly linked with the acquisition, however without a high-resolution, a good quality acquisi- 
tion and an experienced inspector, it is challenging to detect structural defects and distinguish 
them from esthetical ones (Figure 6). 

In specific cases, the aspect of the pavement can also impair the acquisition quality and 
make the reconstruction of the developed image of the vault difficult, e.g. an unpaved bumpy 
road inside a safety gallery. 
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3.4 Sensors synchronization 


Using different types of sensors allows for the acquisition of complementary information in 
one run only (e.g. laser scan and thermography, see Figure 7). This requires a good synchron- 
ization of the sensors in time and position. It also requires a set of acquisition parameters that 
is a compromise for all sensors and, not necessarily, the optimum set for each sensor. For 
instance, TS4 laser scans have a lower resolution at 10km/h (laser line spacing of 9 mm) than 
at 4km/h whereas color images remain of very high quality (see Table 1). 


Mark of water ingress 
TA on laser images 


Figure 7. Complementary information from infrared images and laser images from MISS. 


3.5 Coactivity 


As the complete closure of a tunnel is difficult to achieve, it is common for other companies to 
operate in parallel with the inspection team. The main impact of coactivity on the acquisition 
is the areas hidden by other operators. Other works as the washing of the lining is incompat- 
ible with thermography. Indeed, it changes the surface condition of the lining and the ambient 
humidity and makes it difficult to detect water ingress. Table 2 summarizes the main elements 
that can impair the acquisition quality in the case of coactivity. Some elements have a local 
impact while others will impair the whole acquisition. 


Table 2. Elements that can impair the acquisition quality in the case of coactivity. 


Affected data 
Vehicles and equipment masking part of the structure All types 
Flashing lights Color images 
Humidity produced by walls washing or hydro-cleaning of the sewers Laser scans + thermography 
Dust produced by vehicles or equipment All types 
Heat produced by vehicles or equipment Thermography 


4 DISCUSSION 


Considering the intrinsic limitations of high-performance image acquisition tools, there is still 
a good potential to detect many types of defects on 2D images provided that the acquisition is 
of quality. The quality of the acquisition is important for both the repeatability (one solution 
used twice on the same tunnel/type of lining) and the reproducibility (different solutions used 
on the same tunnel) of the results. Indeed, defects maps from different inspections are meant 
to be compared to assess defects evolution over time. Key parameters for a successful detec- 
tion of defects on 2D images are high-resolution, and adequate on-site conditions. These 
parameters rely on both the inspection team and the tunnel manager. 


e Well-defined specifications — It is essential to define clearly the scope of the inspection in 
order to determine what parts of the structure can be inspected thanks to image acquisition 
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tools and what parts cannot (e.g. an auxiliary gallery where the minimum distance to the 
sensor cannot be respected), meaning that these parts will require a complementary trad- 
itional inspection. The type of inspection needed (e.g. annual visit, detailed inspection, ini- 
tial inspection at end of construction works) is also of main importance to indicate the level 
of details required for defects detection. Key acquisition parameters discussed in the paper 
are defined based on this targeted level of details. However, this assumes that the tunnel 
manager is familiar with the pathologies of the structure and the defects to detect. Without 
existing technical framework, project management assistance is advised. 

e Well-prepared intervention and calibration — Prior to the inspection, it is essential to iden- 
tify on-site constraints and needs from both the inspection team and the tunnel manager, in 
particular tunnel characteristics and coactivity. As illustrated in this paper, finding the opti- 
mum set of settings for a good quality acquisition is relatively complex. These settings 
being highly dependent on site conditions, lab-calibration and on-site calibration are both 
essential. A preliminary visit on site ahead of the complete inspection is recommended to 
test the equipment in real conditions. 

e On-site organization — Although new inspection tools aims at reducing the time spent on site, 
a minimum duration of traffic disruption is essential to enable calibration, acquisition with the 
smallest amount of coactivity, and complementary traditional inspection of targeted areas. 

e Technical description in the deliverables — Tenderers must provide a technical description 
of the inspection method used by indicating what tool was used, what are its potential and 
intrinsic limits, how they coped with these limits to meet the requirements of the specifica- 
tions, and what were on-site conditions and acquisition settings. This is of main importance 
for traceability and further comparison of results from different inspections of a given 
tunnel (e.g. cracks opening). 


5 CONCLUSIONS AND PERSPECTIVES 


In order to evaluate the potentials and the limits of the innovative tools developed for detailed 
civil engineering inspections of tunnels, CETU has carried out field tests in tunnels inspected by 
its Central Inspection unit, according to the traditional method set out in the French standards 
ITSEOA — Booklet n. 40. In this paper, the focus is on the defects that are visible on 2D images 
recorded by laser scans, visible or infrared cameras. It highlighted key parameters to ensure 
a good quality acquisition and defect detection as image resolution and on-site conditions. 

This research project includes other aspects to define complements needed for image acqui- 
sition to meet DPI objectives: defects that cannot be detected on images and the characteriza- 
tion of the defects detected from the images (length, area, opening, color, humidity, etc.). The 
level of detail necessary may not be the same according to the tunnel context: geology, type of 
lining (e.g. reinforced versus non reinforced concrete), environment, known pathology, etc. 
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ABSTRACT: To assess the performances of existing Reinforced Concrete (RC) tunnel linings, 
the current structural analyses need the definition of material properties, especially of concrete 
strength. Such parameter is usually measured by means of destructive tests on concrete cores 
drilled from the lining, or by means of indirect non-destructive analyses, such as the acoustic 
emission techniques or the rebound hammer test. Nevertheless, in several cases, a rough estima- 
tion of the compressive strength of concrete is sufficient, without performing any test on the 
structures. This is the case of more than 500 highway tunnels built in northern Italy, which date 
back to the Sixties of last century and are currently in service. Accordingly, the strength-for-age 
curves, introduced to calculate the average strength (and the percentiles) of a concrete cast in 
a specific year, can be used for concrete linings. They are based on the results of about 500,000 
tests performed on concrete cubes since 1897 and stored in a database available at the Politec- 
nico di Torino (Italy). As a result, through the strength-for-year curves, a rapid assessment can 
be performed and the priorities of retrofitting, necessary to mitigate the risks associated with the 
service of RC tunnels, can be better identified. 


1 INTRODUCTION 


About 92% of all the registered tunnel collapses occurred during construction, whereas, in the 
rest of the cases, tunnels were damaged by transportation accidents associated with the pro- 
duction of fire (Spyridis & Proske 2021). Therefore, in absence of accidental actions, the col- 
lapse of concrete lining in existing tunnels is highly improbable. 

On the contrary, several damages can be noticed in the cast-in-situ and precast concrete 
lining during the service life, such as chipping, concrete macro-cracking, and spalling due to 
both excessive compressive loads and corrosion of reinforcement (Centre d’Etudes des Tun- 
nels 2105). When wide zones of concrete lining are deteriorated, serious problems, concerning 
the safety use of the tunnel, arise. Accordingly, the health assessment of linings is an essential 
activity to maintain the safety during the service life of tunnels. 

In this context, in-situ monitoring analyses were proposed by Li et al. (2018), whereas Li 
et al. (2021) introduced a theoretical approach based on the matter-element extension (MEE)- 
simple correlation function (SCF) method- cloud model (CM) for evaluating the durability of 
highway tunnels. Whatever the assessment method is used, the poor quality of concrete is one 
of the main factors that affect the durability of lining structures (Sun 2011). Therefore, in the 
design of new tunnels, code rules require the use of concrete mixture with a maximum w/c 
ratio of 0.45, a minimum cement content of 340 kg/m?, and a minimum compressive strength 
of 35 MPa (Bakhshi & Nasri 2018). 

As compressive strength of concrete is directly involved, it has to be measured through either 
destructive (DT) or non-destructive tests (NDT) before the analysis of durability. Obviously, 
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uniaxial compression tests performed on cores extracted from a structure represents the most reli- 
able method to measure the strength of existing concrete structures (Giannini et al. 2014). When 
these DT cannot be executed, the strength of concrete is indirectly estimated by measuring other 
physical properties (like the ultrasonic pulse velocity) by means of NDT (Breysse 2012). 

As far as tunnel linings are concerned, the on-site measure of concrete strength is not 
always possible, because several expensive tests and, in some cases, traffic shutdown are 
required. Thus, a more accurate assessment of the concrete properties of existing lining is 
desirable even in absence of direct and indirect tests. 


2 AN ESTIMATION OF CONCRETE STRENGTH 


As the compressive strength (or concrete class) is not always an available information, espe- 
cially in existing tunnels, this property can also be estimated indirectly and cheaply with 
approaches used in other disciplines. For instance, in the pediatric medicine, the physical state 
of children can be assessed by using some anthropometric properties provided by the World 
Health Organization (WHO 2006). 

Based on the values of weight (or height) measured during the first years of children life, the 
average weight (or height) can be calculated for a precise age and in a specific geographical 
area of the globe. Similar curves have been also introduced by Fantilli et al. (2018) to assess 
the strength of old concrete (i.e., the concrete cast in the past years). Specifically, by using the 
data stored in the historical database situated in the Department of Structural, Building and 
Geotechnical Engineering (DISEG) of Politecnico di Torino, strength-for-age curves have 
been proposed and used to estimate the compressive strength of existing buildings (Fantilli 
et al. 2015) and bridges (Fantilli & Chiaia 2021). 

To create these strength-for-age curves of existing concrete, only uniaxial compression tests 
performed after 28 days of casting were taken into consideration, as they can be considered 
significant for the long-term value of the strength (Fantilli et al. 2018). Figure 1 shows the 
number of concrete cubes tested in uniaxial compression in some years of the last century. 
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Figure 1. The number of compression tests performed at Politecnico di Torino in 10 specific years. 


As the population of concrete strength values is large enough, a statistical analysis of the 
data can be implemented for each year. As shown in Figure 2, the values of the cubic compres- 
sive strength R., measured in the years 1965, 1995, 1995, and 2005, reveal a distribution of the 
probability density similar to the normal Gaussian law. Accordingly, the curves of the com- 
pressive strength, and the related percentiles, are nearly similar in the case of Gaussian 
(Figure 3a) and real (Figure 3b) distributions, respectively. The values of the real distribution, 
used herein to estimate the strength of concrete, are also reported in Table 1. 
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Figure 2. Distributions of the probability density of concrete strength referred to the compression tests 
performed at Politecnico di Torino in the years (a) 1965, (b) 1975, (c) 1995, and (d) 2005. 
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Figure 3. The strength-for-age curves of Politecnico di Torino evaluated in the case of (a) real distribu- 
tions and of (b) Gaussian distribution function of compressive strength of concrete. 


Table 1. The values of the real distribution of concrete strength. 


Percentile of Re (MPa) 


year 5% 25% 50% 75% 95% 
1915 7.41 10.8 14.9 16.0 28.1 
1925 3.46 8.48 13.0 16.7 25.4 
1935 5.97 11.0 18.3 22.8 39.1 
1945 5.89 9.56 13.3 16.1 23.1 
1955 8.76 14.3 20.8 25.9 37.0 
1965 11.5 21.1 29.4 36.0 52.6 
1975 15.1 25-4 35.0 43.2 58.9 
1985 17.4 28.5 36.2 43.1 56.2 
1995 24.6 33.2 40.0 46.3 57.8 


2005 27.3 36.1 41.9 47.6 56.0 
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3 UNIAXIAL COMPRESSION TESTS ON THE CONCRETE OF EXISTING 
LININGS 


In the following sections the model previously described is used to predict the concrete 
strength of cast-in-situ tunnels linings. The strength-for-ages curves of Figure 3a are compared 
with the results of uniaxial compression tests performed at the Department of Structural, 
Building and Geotechnical Engineering (DISEG) of Politecnico di Torino. In total, 2519 sam- 
ples, drilled from 135 tunnel linings built from 1961 to 1995 in the Northern Italy, were tested. 
As Figure 4 shows, concrete cores were drilled from the crown and the spring lines of linings, 
which were mainly build in the decades of three last Century (i.e., 1961-1970, 1971-1980, and 
1991-2000). Due to confidentiality reasons, the name of the tunnels and the place where the 
cores were drilled are undisclosed. 
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Figure 4. Number of the cores drilled form the tunnel linings investigated in this project. 


The samples were obtained by cutting the irregular ends of the cores (Figure 5a) with 
a circular diamond saw and, subsequently, by rectifying the surfaces according to the toler- 
ances suggested by UNI EN 12390-3 (2019). Subsequently, the density of the concrete cores 
was measured in accordance with UNI EN 12390-7 (2019), by weighing and measuring the 
size of the samples with a centesimal caliper. 

Subsequently, uniaxial compressive tests were performed following the European standards 
(UNI EN 12390-3 2019) by applying the loads on the end surfaces of the specimens 
(Figure 5b) through a Universal loading machine with a loading cell of 500 kN. Tests have 
been performed by driving the applied load, which increased with a velocity of 4kN/sec, up to 
the complete failure of the specimen (Figure 5c). 

For each specimen, the drilling position within the lining (either at the crown or at the 
spring lines) was recoded in addition to the measurements of the height of the specimen (H), 
the diameter of the cross-section (D), the maximum applied load (Pmax), and the strength of 
the core (foore = Pmax/(n D?/4)). By means of the last value, the compressive strength of mater- 
ials f, was obtained by following the approach suggested by the American Concrete institute 
(ACI 214.4R-10 2016): 


Je = Fija + Faia < Fine Fa ` foore (1) 


where foore = strength of the drilled core; Fa = correction factor accounting for the effects 
of the length-to-diameter ratio; Faia = correction factor accounting for the size of the 
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Figure 5. Uniaxial compression tests: (a) concrete cores drilled from a lining; (b) rectified concrete cores 
before the tests; (c) rectified concrete cores after the tests. 


diameter D; Fme = correction factor accounting for the moisture condition of the core; Fy = 
correction factor accounting for the effect of damage sustained during drilling (including 
microcracking). 

Finally, to compare the values of compressive strength experimentally measured with those of 
the strength-for-age curves (Figure 3), the cylindrical compressive strength fẹ given by Equation 
(1) is divided by 0.83 (ACI 214.4R-10 2016) to obtain the values of cubic strength Re. 


4 ANALYSIS OF RESULTS 


The comparison between the results of the tests and the strength for ages curves is shown in 
Figure 6a. As it occurs in buildings (Fantilli et al. 2015), a large dispersion of the experimental 
data can be observed. In particular, for same year, the values of R. can be lower than the 5th 
percentile (see the tunnels built from the Sixties to the Eighties of the last Century) and 
greater than the 95'" percentile (especially the tunnels built in the Nineties). However, the 
trend line of the results, computed with the least square approximation of the experimental 
data, has the following function: 

R.=a- year+b (2) 


where a = 0.486 MPa/year; b = -924.71 MPa. 

As show in Figure 6b, the values of R, obtained with Equation (2) are close to strength-for- 
age curve at 50" percentile (the average value). Nevertheless, if the average strength is calcu- 
lated in the three construction decades a different trend is evident (see Figure 6b Table 2). 

In the decade 1971-1980 the average value of concrete strength is lower than that given by 
the strength-for-age curve at 50" percentile, and it is about 30% lower than the average 
strength of concrete in the previous decade (1961-1970). On the contrary, in the decade 
1991-2000, the average strength of concrete is higher than that of strength-for-age curve, 
and it is twice the average values of the decade 1971-1980. If all the values of R, are separ- 
ated into those obtained by the concrete cores drilled from the crown (Figure6c and d) and 
from the spring lines (Figure 6e and f) of the lining, the results are practically the same. 
However, in the trend line of Equation (2), the coefficients are different depending on the 
drilling zones: 


e a= 0.4836 MPa/year and b = -922.32 MPa for the concrete at crown 
e a= 0.4932 MPa/year and b = -938.25 MPa for the concrete at the spring lines 


With respect to the results of all the cores (Figure 6a and b), those drilled from the crown 
show a compressive strength slightly lower (the trend line is shifted towards lower values of Re 
in Figure 6d). These tendences are not only evidenced in Figure 6d and Figure 6f, but also in 
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Figure 6. Comparing the values of R, and the strength-for-age curves: (a)-(b) compressive strength of 
all the cores; (c)-(d) compressive strength of the cores drilled from the crowns; (e)-(f) compressive strength 
of the cores drilled from the spring lines. 
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Table 2. Average values of concrete strength in each construction decade. 


Average value of R. (MPa) in each decade 


Cores\decade 1961-1970 1971-1980 1991-2000 
All 34.9 25.5 55.1 
Crown 32.5 25.4 54.2 
Spring lines 35.9 25.5 55.3 


the values reported in Table 2. It is reasonable to expect higher R, in recent tunnels (see the 
values of the decade 1991-2000) than those built in the past decades, as also evidenced by the 
strength-for-age curves, which show higher strengths in the last years. This is due to the 
technological progress of concrete industry, which has recently followed the “performance 
approaches”, rather than the “prescriptive approaches”, for tailoring concrete mixtures. 

In addition, the result of the experimental investigation highlights an alarming anomaly in 
the compressive strength of concrete used to cast the tunnels in the decade 1971-1980. At the 
moment, the causes of such a low strength are unknown, because some data regarding the 
concrete mixtures are missing (e.g., the type of cement, the water-to-cement ratio, the type of 
aggregate, the curing conditions, etc.). However, some reasons concerning the poor quality of 
concrete used during the Seventies can be conjectured. For example, in the absence of 
adequate quality controls, workers used to add extra water to increases workability during the 
casting procedures. As it is well known, adding more water to a concrete system increases the 
potential for segregation, bleeding, drying shrinkage and cracking, and decreases strength and 
durability (Mehta & Monteiro 2005). Probably, the presence of extra water was not necessary 
neither during the decade 1961-1970 (because in that time the strength of concrete developed 
slowly during the early age stage), nor in the decade 1991-2000 (because additives were used 
to maintain the workability of fresh concrete). 

Thus, as a result of this research project, we can argue that a particular attention should be 
devoted to the durability of the Italian tunnels built in the Seventies of the last Century. 


5 CONCLUSIONS 


From the results of the destructive tests performed on the concrete of some Italian tunnels, 
and from their comparison with the strength-for-age curves of Politecnico di Torino, it is pos- 
sible to draw the following conclusions: 


e The trend line of concrete strength is close to strength-for-age curve at 50" percentile. 
However, around the crown of the lining, compressive strength is slightly lower, indicating 
that these zones are prone to damage and may show durability problems. 

¢ The trend line that interpolates the results of all tests shows an increment of concrete 
strength with the years, which evidences an improvement of concrete performance over the 
time. However, in the decades 1961-1970 and 1991-2000 the trend line was conservative 
with respect to the values of compressive strength experimentally measured. 

e On the contrary, in the decade 1971-1980, both the trend line and the strength-for-age 
curve at 50" percentile overestimate the average compressive strength of concrete cores. 
This is most likely to be ascribed to the addition of extra water, used to maintain the work- 
ability during the casting procedure. 

e Therefore, the strength-for-age curves can be a useful tool to be integrated in the assess- 
ment of concrete linings. In particular, the uniaxial compressive strength of concrete, and 
its deviation from the expected values given by such curves, are useful indicators for select- 
ing the tunnels that may show durability problems. 


Future investigations will aim to creating a database in which both the mechanical proper- 
ties (i.e., the compressive strength of concrete) and the historical and administrative data 


3063 


(concerning the construction of the concrete tunnels) are collected. The goal is to identify, 
through targeted extrapolations, the reasons of the anomalous values of compressive strength 
measured in the tunnels built during the Seventies of last Century. 
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Role of variable speed drives in safe, reliable and sustainable tunnel 
ventilation 
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ABB, Finland 


ABSTRACT: The urbanization is expanding. By the end of the century, 50% of the world’s 
population will be urban. Cities and their infrastructure grow rapidly. This also applies to tun- 
nels and metros. The important aspect in such projects is ventilation. Ventilation ensures well- 
being of tunnel users in normal situations and provides safety in case of emergencies. 

Active ventilation is based on air movement via a fan wheel run by an electrical motor. To 
control the air flowrate, direction and pressure, variable speed drives are used. They are 
a vital part of ventilation as they help ensure process efficiency, reliability and tunnel safety. 

Ventilation typically consumes a lot of energy used by a tunnel, so drives are often 
employed to increase tunnel energy efficiency and decrease operating expenses. Drives adjust 
the fan motor speed based on the vehicle fumes concentration, therefore saving energy. 

In case of a fire, drives make smoke control flexible. They regulate fan speed and rotation direc- 
tion to ensure smoke stratification and combat backlayering for safe evacuation. Fire in a tunnel 
implies fast response from ventilation and smoke extraction systems. Drives provide prompt fan 
start, stop, rotation direction change which are the key requirements in tunnel ventilation. 

Active front end drives go beyond fan speed control. They ensure power quality eliminating 
disturbances in the network, for reliable ventilation. It is important for long tunnels with 
weak power supply and long cabling. This type of drives also contributes to the tunnel sustain- 
ability, as power quality affects power network equipment sizing. The drives allow to decrease 
e.g. electrical generator size by 50% or transformer size by 20% — a huge input to the carbon 
footprint reduction. 


1 INTRODUCTION 


1.1 Tunneling market 


According to various studies (Business Research Insights, Tunnel and Metro Market Size, 
Share, Growth and Industry Growth by Fan Type — Axial Flow Fans and Jet Fans, by Applica- 
tion — Tunnel and Metro, Regional Forecast 2022 — 2028, 2021), the global tunnel and metro 
market is forecasted to grow at a CAGR of over 8% during next 10 years. 

This means increased human and vehicle traffic and increased requirements towards tunnel 
and metro user safety as a result. 

Additionally, environmental burden increases as infrastructure is a massive consumer of 
energy to maintain all its engineering systems functioning. So, making infrastructure as sus- 
tainable as possible and minimizing its impact on the environment is crucial as well. 


1.2 Tunnel and metro engineering systems 


To make sure tunnel infrastructures are safe, multiple aspects need to be covered by tunnel engin- 
eering systems. Thus, power supply systems maintain the rest of the systems up and running. 
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Ventilation systems ensure air quality inside the tunnel — remove particles, car exhaust, 
excessive heat to provide better visibility and comfort for the tunnel users. In case of emer- 
gency, they can act as smoke exhaust and pressurization systems to maintain safe escape 
routes/safe waiting spaces and provide the access to the place of fire for firefighters. 

Fire extinguishing systems take care of fire mitigation via activating water sprinkles near 
the fire. 

Water drainage systems also play a huge role in ensuring the safety of tunnel users. They are 
especially critical in underground and underwater tunnels, removing water intruding into the 
tunnel infrastructure on a constant basis or, for example, in case of occasionally happening 
storms. 

Lighting systems in tunnels ensure a good visibility for car/people better recognition and safe 
traffic. They can navigate tunnel users in case of emergency, being part of the evacuation strategy. 

Video surveillance systems allow operators to foresee hazardous situations and act ahead to 
prevent those or send an immediate help if an emergency occurs. 

This paper will focus specifically on tunnel ventilation systems and will explain how the 
automation and control technology — variable speed drives — allow to make tunnel ventilation 
safer, while mitigating the impact on the environment at the same time. 


2 TUNNEL VENTILATION 


2.1 Tunnel ventilation system types 


Before diving into the tunnel ventilation automation and control techniques, it’s good to 
familiarize with the most common tunnel ventilation system types from the design perspective. 

Longitudinal tunnel ventilation type implies the airflow along the tunnel length. Air enters 
and leaves the tunnel usually through tunnel portals. In some cases in can be done through 
dedicated shafts. 


Figure 1. Longitudinal ventilation types with jet fans and Saccardo nozzle respectively (Road Tunnels: 
Operational Strategies for Emergency Ventilation, PIARC Technical Committee 3.3 Road Tunnel Oper- 
ation, 2011). 


Transverse tunnel ventilation systems imply the airflow entering and leaving the tunnel in 
a distributed way — through dampers situated along the tunnel length. The semi-transverse 
one is different the way that the air enters through dampers and leaves through portals or vice 
versa. 


Figure 2. Transverse and semi-transverse ventilation types respectively (PIARC, 2011). 
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2.2 Tunnel ventilation modes 


We'll review in brief two tunnel ventilation modes here — normal ventilation and ventilation in 
case of fire emergency for longitudinal, transverse and semi-transverse ventilation system types. 

For a longitudinal ventilation system in the normal mode, fresh air enters the tunnel 
through a portal/shaft, moves along the tunnel length, and leaves from another portal/shaft, 
removing car exhaust, dust and excessive heat from the tunnel. If the tunnel is unidirectional, 
this usually happens in the direction of car movement. The air quality along the tunnel is not 
uniform, which results in a higher pollution at one of its ends. 

In case of emergency, longitudinal ventilation systems do not have a great flexibility. If 
bidirectional jet fans are used, the smoke can be blown out from the portal closest to the 
source of fire or in the direction opposite to the congestion of cars, depending on the situation 
and the safest way to act. 

With transverse and semi-transverse ventilations, the ventilation strategies are different and 
more flexible. In the normal mode, the fresh air enters the tunnel evenly through a system of 
dampers distributed along the tunnel. This ensures a better air quality along the whole tunnel 
length. The polluted air can be removed evenly through distributed dampers as well or e.g. 
through a dedicated shaft in the middle of the tunnel or tunnel portals. 

But the most important aspect is how transverse and semi-transverse ventilation systems 
behave in case of fire emergency. They are more flexible comparing to longitudinal ones as 
they are able to extract the smoke (and heat) precisely through dampers around the place 
where it is generated, without spreading it along the tunnel length in the direction of the clos- 
est portal or shaft, and without the risk of intoxicating tunnel users not being in the immediate 
proximity to the fire source. 


Figure 3. Transverse and semi-transverse ventilation in case of fire emergency (PIARC, 2011). 


3 VARIABLE SPEED TECHNOLOGY AND ITS ROLE IN TUNNEL VENTILATION 


3.1 What is a variable speed drive 


Variable speed drive or variable frequency drive is a technology employed for controlling the 
speed of rotation and torque of an electrical motor. This is required in order to match the 
need of the application run by the motor. It happens through drives changing motor input 
frequency and voltage. The side benefit is energy savings as the motor does not always need to 
run 100% of time with 100% speed and torque. 

First prototypes of variable speed drives — VSDs — were patented at the beginning of the 
XX century, but the technology has received a massive development since then. 

Variable speed drives are placed between the electrical supply and the motor running some 
application (fans in case of tunnel ventilation). 

What the drive does, it converts the power flowing from the electrical supply to a motor. 
The drive design in a nutshell consists of a rectifier converting AC power to DC power, which 
then flows into capacitors, making, in their turn, the power waveform smooth. After capaci- 
tors, power goes through an inverter changing DC power back to AC power and adjusting 
current frequency and voltage according to the application needs before the power gets into 
the motor. This means the motor will not rotate with the nominal speed, but with the one 
required by the application at a given time. This is where massive energy savings happen. 
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Figure 4. Drive locates between power supply line and motor running application (ABB Drives 2018, 
Technical Guide). 
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Figure 5. Working principle of a traditional AC variable frequency drive. 


Although the main working principle is same, it’s good to understand that there are different 
variants (topologies) of the variable speed technology established in the market, with varying 
effect around the application control, power quality in the network, braking capabilities and 
so on. 


3.2 Drive’s role in tunnel ventilation 


This section is dedicated to reviewing the role of variable speed drives in the most important 
aspects related to tunnel ventilation design — safety, process reliability and sustainability. 
Depending on the drive technology chosen, these aspects can be significantly improved. 


3.2.1 Energy savings 

Important to know that ventilation in tunnels is often one of the most energy consuming sys- 
tems that can easily account for over 15% of the total energy used by the tunnel (Figure 6). 
Variable speed drives help to ensure substantial energy savings in tunnel ventilation. It hap- 
pens thanks to adjusting fan motor speed to tunnel needs. 

Thus, traffic jams in road tunnels generate much car fumes and excessive heat, affecting 
visibility and comfort of the tunnel users. Sensors detect the particulate matter, temperature, 
CO2 increase and send this information to the tunnel control system or ventilation drives dir- 
ectly, so the drives know that the fan motor speed should be increased to cope with the poor 
air quality and evacuate extra heat and contamination from the tunnel. But during non-rush 
hours, tunnel ventilation doesn’t need to be intense and run at 100% load. Getting the infor- 
mation on low concentration of particles, heat and exhaust in the tunnel, drives decrease the 
speed of fans accordingly, which allows to save massive amount of energy. 


3.2.2 Safety in case of emergency 

We have reviewed the most common tunnel ventilation types and modes (normal/emergency) 
in Chapter 2. Let’s familiarize with how variable speed drives can improve safety in case of 
fire emergency. 
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Figure 6. Power consumption in tunnels (R. Dzhusupova, TUE 2012. Zero energy tunnel concept). 


Initially drives control the speed of fan motors. When a fire occurs in a tunnel, drives can 
help fans become part of the smoke/fire suppression strategy, varying the speed and direction 
of fan rotation to support the evacuation of tunnel users, extract smoke and provide the 
access to the emergency spot for the firefighters. 

When tunnel systems identify a smoke/fire in the tunnel, the tunnel ventilation and its 
components incl. drives enter the emergency mode. The smoke management strategy 
depends on many factors like the tunnel design (uni- or bidirectional, if there are evacu- 
ation spaces along the tunnel length), the ventilation system type, etc. In general, longitu- 
dinal ventilation systems require more complex strategy to manage smoke and this is 
where drives can be helpful. 

For example, if the fire happens in a long congested bidirectional tunnel, it is often recom- 
mended to extract the smoke through the closest portal. The World Road Association 
(PIARC, 2011) prescribes to run the fans with a velocity below 1.2 m/s in the beginning of fire 
emergency. This will help to maintain smoke stratification under the ceiling and allow more 
time for safe evacuation under the smoke layer for tunnel users. 

Once the evacuation is completed, increasing the air speed to critical velocities of over 
2.5 m/s (PIARC, 2011) allows to blow the smoke away entirely, avoiding backlayering (when 
the smoke spreads against the airflow direction). This allows firefighters to safely approach 
the fire spot from the upstream side and start extinguishing it. 

This all explains the criticality of using variable speed technology on tunnel fans, when the 
everchanging situation requires different modes from tunnel ventilation. 


3.2.3 Emergency mode implementation in drives 

It important to separately clarify how the emergency response can be implemented in drives 
due to the fact that the design of the drive’s emergency mode, so-called fireman’s override 
mode, might differ depending on the drive manufacturer, and there is no product specific 
standard for the mode. 

When specifying the drive technology for a project where the emergency response is needed, 
it must be made sure that the drive can answer the smoke extraction/evacuation route main- 
tenance needs of the tunnel. 

The override mode itself means that the drive will override (ignore) all non-critical faults 
and warnings when being in this mode and basically run the controlled application until 
destruction as the main goal is people’s safety and not the equipment integrity. 

Non-critical faults and warnings can be, for example, overtemperature which in normal 
situation negatively affects the drive’s electronics and causes its premature aging and subse- 
quent failure, but in case of emergency this is not something to be prioritized, so the drive will 
keep running tunnel ventilation fans. At the same time, critical faults and warning might 
include overcurrent. Ignoring this fault can cause an extra fire in the tunnel and this cannot be 
allowed, so the drive will stop. 

It is also important to make sure that the drive in the override mode has the ability maintain 
variable speed of the controlled fan and adjust it based on the information coming from the 
tunnel automation system depending on the fire location and the stage of fire. 
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3.2.4 Process reliability 

It is critical to maintain tunnel ventilation process continuity, both in normal and emergency 
situations, and variable speed drives can contribute into this aspect as well. Besides standard 
drive features, like the ability to softly start and stop fans without mechanical and electrical 
shocks for tunnel ventilation and power supply systems respectively, there are some more 
drive features to consider. 

Thus, drives can monitor the performance of a fan bearing, one of the weakest points in the 
system, alarming when it is about to break. In this case the motor starts drawing a higher cur- 
rent for the same load due to increased resistance in the bearing, and the drive will notice this. 

One the most frequently seen problems in tunnels in voltage drop over long cables. In prac- 
tice, it means that the nominal power won’t be delivered to the application, and it won’t be 
able to run full load. In case of smoke extraction fans, it means that the extraction capacity 
will be reduced, which might have a negative effect on the tunnel users’ safety. 

Drive technologies with active front end (transistors instead of standard diode-based recti- 
fiers) with DC bus capacitors in their design allow for compensation of the voltage drop and 
ensure the nominal power on the fan application end, so safety is not sacrificed (ABB Drives 
2019, Active front end drive technologies). 

One more benefit of this specific drive technology (based on active front end) is that it does 
not create disturbances in the power network called electrical harmonics. Let’s clarify this par- 
ticular moment. The working principle of variable speed drives includes repeating switching 
actions in the rectifier. This generates electromagnetic noise, harmonics, in the supplying net- 
work. If the harmonics content is too high, it can negatively affect the power network compo- 
nents, both from overheating and electromagnetic interference perspective. This can lead to 
their malfunction and failure. 

Harmonics can be managed with add-on corrective equipment, but it’s always better not to 
generate them in the first place, choosing the advanced fan speed control technologies like 
active front end drives. Thus, when selecting a variable speed control for a tunnel fan, it also 
does make sense to evaluate how it affects the power network, supplying this fan, so negative 
consequences can be avoided in the future. 


3.2.5 Sustainable design 

Sustainability consists of multiple aspects. We separately discussed the efficient energy use in tun- 
nels, tackling one of the most energy consuming systems — ventilation. But there is more in sus- 
tainability. From the material usage perspective, the smarter the design of tunnel infrastructure 
can be, the less carbon footprint the tunnel can leave at its construction stage. Let’s review how 
such a specific component as tunnel automation and control solution can affect the tunnel design 
and why it is important to have holistic approach when choosing tunnel system components. 

We just discussed how active front end variable speed drives do not generate electrical har- 
monics in the tunnel power network comparing to standard rive solutions. It meant much for 
the power network reliability, but it means a lot also for the tunnel design. 

One of the common ways to cope with harmonics is to apply filters or oversize power net- 
work components to mitigate the unwanted effects. In practice it means bigger generators, 
transformers, switchgears and other power network equipment and bigger spaces to host it as 
a result. All this leads to increased carbon footprint of the tunnel infrastructure. 

Different equipment manufacturers have different guidelines on oversizing their equipment 
to cope with harmonics in the network. E.g. for transformers, there were common guidelines 
established by Underwriter Laboratories (UL), a global independent safety science company 
(Underwriters Laboratories 1991, Proposed requirements and proposed effective dates for the 
first edition of the standard for dry-type general purpose and power transformers, UL1561). 

There was the K-factor established to reflect the harmonics conditions — the higher it is, the 
higher is the harmonics content in the network and the less the carrying capacity of the trans- 
former is (the more it needs to be oversized). The standard drives have a K-factor of 20 
according to UL, while active front end drives have a K-factor below 5. Figure 7 shows how it 
affects the transformer capacity and how the transformer needs to be oversized when going 
with a standard drive solution instead of the active front end one. 
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Figure 7. Transformer derating based on the K-factor (Underwriter Laboratories, 1991). 


Similar principles apply to generators frequently present in tunnels as a standby source of 
energy, as well as other power network components. 

But there can be considerations not only around power quality, but also other aspects 
affecting the design of tunnel systems. Thus, it’s commonly known that tunnel ventilation pro- 
jects often are very precise about the time needed to stop fans completely or change the direc- 
tion of their rotation — it should happen in seconds in case of emergency to avoid unnecessary 
smoke spread in the tunnel space. For this, various fan braking techniques can be used. 

Often those are based on resistors, when fan braking energy is dissipated in the form of heat. 
The installations are complex, often requiring the usage of massive cabinets to place brake 
choppers and resistors. Additionally, the cabinet air conditioning is needed. All this negatively 
affects the infrastructure carbon footprint. There can be various alternatives, but the one miti- 
gating installation complexity and saving space is, again, an active front end drive with regen- 
erative capability, allowing to feed fan braking energy right back to the power network. 
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Figure 8. Traditional fan braking solution based on brake choppers (BC) and resistors vs. 
a regenerative braking solution (ABB Drives 2018, Technical Guide 8 — Electrical Braking). 


4 REAL CASE STUDIES 


There are multiple case studies proving the importance of drives’ role in tunnel ventilation. Even 
though their role in ensuring efficient energy use is clear, the focus point of tunnel projects is safety. 

The tunnel under the Ursynow district is a critical point in Warsaw’s southern ring road. It 
has over 2-kilometer length and connects sections of the A2 highway forming a part of the 
Trans-European Transport Network. It was opened in 2021 and employs variable speed drives 
as part of tunnel ventilation system. To ensure safety of the tunnel users, the drives were tested 
with fans to comply with EN 12101-3 standard “Smoke and heat control systems - Part 3: Speci- 
fication for powered smoke and heat control ventilators (fans)” covering drive-controlled smoke 
and heat extraction fans and ensuring the drive-motor-fan system can operate at high temperat- 
ures and deliver nominal airflow/extraction rate without the malfunction of any components. 

Another massive project, the world’s longest (57 km) railway tunnel Gottardo running 
through the Alps employs drives for efficiency and, at a greater extent, safety purposes as 
well. There is a requirement commonly seen in tunnel ventilation projects about being able to 
stop tunnel fans in seconds in case of emergency, so the fresh air wouldn’t intensify the fire or 
move the smoke to smoke-free areas where evaluation could happen. 
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Figure 9. VSD technology effect on the tunnel design — practical example. 


With the fresh air fans in Gottardo tunnel having an outer diameter of approximately 
3.5 m it could have been challenging, especially taking into account limited space in the tunnel 
electrical rooms which makes it challenging to host cabinets with braking resistors and air 
conditioning. But the drives with regenerative braking capabilities were involved. They return 
fan braking energy in the form of power back to the electrical network and ensure that the 
large fans can stop in seconds without intervening in the smoke management strategy of the 
tunnel and providing the highest level of safety to the tunnel users. 


5 CONCLUSION 


The paper has introduced the situation in tunnel and metro infrastructure industry and dived 
into underground space engineering systems with a particular focus on tunnel ventilation 
types. The role of control and automation technologies for tunnel ventilation, namely variable 
seed drives have been reviewed. Depending on a variable speed technology chosen for ventila- 
tion control, tunnel safety and ventilation process reliability can be increased substantially. 

Besides that, drives can have a significant impact on tunnel infrastructure carbon footprint. 
Other than natural for drives energy savings at partial ventilation loads, they can affect the 
design of tunnels, saving on power network equipment sizing and the spaces hosting such 
equipment, meaning smaller environmental impact for the tunnels during both construction 
and operation phases at the end. 
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ABSTRACT: Transitions between geological/geotechnical soil units have a critical impact 
on the operation and performance of a tunnel boring machine (TBM). In the current industry 
practice, deterministic profiles are relied on, and the possible locations of transitions are not 
quantified. This paper investigates into the efficacy of geostatistics to quantify the uncertainty 
in soil transitions. The results presented herein validates that information entropy, a metric to 
quantify uncertainty in categorical units (soil/rock units), is insufficient and misleading in 
quantifying the uncertainty of critical features, such as soil transitions. A geostatistics-based 
probabilistic modeling approach is presented to quantify the uncertainty in soil transition 
locations. The approach is applied on a soft ground tunnel project in North America and 
results are validated using actual TBM data. The assessment enhances the confidence in using 
geostatistics to improve ground awareness for efficient tunnel construction, minimizing differ- 
ent site condition (DSC) claims, and improving decision-making on tunnel projects. 


1 INTRODUCTION 


In geotechnical and tunneling applications, engineers are often concerned about stratigraphic 
transitions since a lack of quantifiable knowledge about their occurrence may lead to reduced 
TBM advance rates, loss of face stability leading to the creation of sinkholes, and heavy water 
inrush (Sousa 2010; Wang et al. 2016). A lack of quantifiable knowledge of the soil transitions 
occurrence at the TBM face, also referred to as mixed-face conditions, has led to major tunnel 
incidents involving excessive ground deformations in about 55% of tunnel projects worldwide 
(British Tunneling Society 2005). 

In current geotechnical and tunneling practice, the uncertainty in stratigraphic transition 
locations is often addressed qualitatively with a “?” in ground profiles incorporated into the 
geotechnical baseline report (GBR), an integral risk allocation document for tunnel projects. 
Since the tunnel excavation environment is interpreted deterministically, the ground profiles 
within the GBR provide one unique boundary between stratigraphic units. The ground pro- 
files fail to include a level of confidence for the stratigraphic transition location, and conse- 
quently do not quantify the associated uncertainty in the longitudinal direction and at the 
TBM face. Due to a deterministic interpretation of the tunnel excavation environment, 
a quantification of stratigraphic transition location uncertainty remains to be a practical prob- 
lem in the design and construction of tunnel projects. 
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1.1 Why are soil transitions important? 


Case histories from projects worldwide suggests that soil transitions in the longitudinal and 
transverse plane of tunnelling have impacted TBM performance. Ma et al. (2015) and Zhang 
et al. (2020) presented tunnelling-induced ground deformations and face stability issues due to 
a lag in the TBM operational parameters to adapt to transitions at the tunnel face. On Changsha 
Metro Line 4 in China, an unexpected surface settlement of 50 mm (2 inches) was observed due 
to the lag in chamber pressure regulation as the TBM advanced from low permeability ground 
to high permeability ground (Zhang et al. 2020). Tunneling-induced settlement of up to 20 mm 
(0.8 inches) was observed on the Edmonton South Light Rail Transit Extension project, 
Canada, due to tunneling in mixed-face conditions of glacial till, Edmonton clay, sands, and silts 
(Bossé 2005). Similar significant tunneling issues related to ground movement, cutter tool con- 
sumption, and water inflows were observed on Kranji tunnel of the Deep Tunnel Sewage 
System in Singapore (Zhao et al. 2007) and Metro line 3 tunnel in Guangzhou, China (Ren et al. 
2016). From tunneling case histories worldwide, it is evident that quantification of stratigraphic 
transition location uncertainty requires more attention for efficient tunneling performance. 

During the design phase of a tunnel project, the knowledge of soil type proportion at the 
tunnel face is equally important to plan for TBM interventions, type of ground improvement, 
if any, required at the tunnel face during the interventions, location of the sump pits for effi- 
cient tunnel drainage, ground improvement strategies around adits and cross-passages, and 
TBM face pressure regulation. As observed, a number of different decisions that directly 
affect the tunnel contractor means and methods rely upon the awareness of soil transition 
locations and the associated uncertainty. From the perspectives of efficient tunnel construc- 
tion and tunnel risk mitigation, it is of great interest to quantify the uncertainty in locations of 
stratigraphic transitions. As larger diameter tunnel projects are now being situated in complex 
urban environments with little tolerance for ground movement, quantifying the uncertainty in 
ground conditions, especially features that affect tunnelling is imperative. 


1.2 Project overview and proposed work 


A 2 km section of the Anacostia River Tunnel (ART) project is considered in this study. The 
diameter of the tunnel is 7 m and the depth from surface to the tunnel crown ranges between 
25 m and 30 m. The geotechnical site-investigations within the 2 km section of the project con- 
sisted of 20 boreholes in the proximity of the tunnel alignment. The sampled data from the 
boreholes is expressed in terms of engineering soil units (ESUs), grouped based on the Unified 
Soil Classification System (USCS). The offset distance of the boreholes from the tunnel align- 
ment is within 50 m. The mean vertical sampling interval within the boreholes is approxi- 
mately 0.6 m. The tunnel project is based in a geological environment comprising of a thick 
sequence of sediments deposited by the streams in a variety of onshore fluvial, estuarine, and 
deltaic marine environments. The subsurface domain consists of silty and sandy clay domin- 
ated soil units along with sand and gravel dominated soil units. However, the geological 
deposition was intermittently eroded and was overlapped by marine deposits predominantly 
consisting of silty and clayey sand with thin interbeds of silt, clay, and occasional gravels. 
ESUs are categorized as cohesive soils (G1/G2) and cohesionless soils (G3/G4). 

A geostatistical modeling-based probabilistic approach is presented herein that quantifies 
stratigraphic transition location uncertainty in the longitudinal direction and the elevation of 
the mixed-ground transition plane. The probabilistic approach employs the pluri-Gaussian 
simulation technique (PGSIM), a stochastic geostatistical algorithm, on the geotechnical site 
investigation from ART project. A 3D ground model, at ring resolution, is developed using 
borehole data to generate multiple equally probable ground conditions and the associated 
uncertainty is quantified. The paper then investigates into the uncertainty quantification 
methods to identify the possible locations of soil transitions. The results are validated using 
the spatial locations of transitions as evaluated from investigation of TBM data. Soil transi- 
tion location results are presented with the probability of occurrence along the longitudinal 
length of the tunnel alignment. 
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2 GEOSTATISTICAL MODELING AND PROBABILISTIC ASSESSMENT 


Geostatistics and random field theory enable the spatial interpolation of geological data and 
quantify the associated uncertainty. Cromer (1996) discussed geostatistics as a powerful ana- 
lytical tool capable of integrating engineering methods with scientific reasoning and profes- 
sional knowledge to develop conceptual interpretations comparable to direct measurements. 
Estimating the spatial correlation/variability of geotechnical parameters using geotechnical 
data has increasingly gained interest. Deterministic modeling provides only one unique 
boundary between stratigraphic units, interpreted usually based on expert judgement (Madani 
and Emery 2015). However, the geostatistical techniques using stochastic algorithms generate 
multiple equiprobable simulations to quantify the geological features at unsampled locations. 

PGSIM technique utilizes the geological constraints can be applied to the simulated 
domains. The technique overcomes most categorical simulation method limitations of not 
capturing the spatial changes in geological unit proportions, contact relationships, and geo- 
logical realism within realizations (Madani et al. 2019). Due to the advantages of better char- 
acterizing spatial transitions between geological units, PGSIM is used to model geological 
conditions for projects in this paper. 

With a stochastic modeling framework, the simulations from PGSIM attempt to preserve 
and reproduce the heterogeneity of parameters of interest. Like any other stochastic modeling 
technique, multiple realizations of geological conditions are generated with PGSIM, with each 
realization capturing the degree of heterogeneity and spatial variability of the modeled units. 
Madani et al. (2019) presented tools to validate the reproduction of stratigraphy in individual 
realizations generated from PGSIM. For the study presented herein, a 3D ground model is 
generated consisting of rectangular cells, also known as voxels, at a ring resolution of 1.8 m in 
the longitudinal (and transverse) direction and | m in the vertical direction. 


2.1 Uncertainty in geotechnical and geological data 


For geological models (typically, soil or rock types), the concept of information entropy, intro- 
duced by (Shannon 1948), has been applied previously as a measure of uncertainty (Bianchi 
et al. 2015). For a system with a discrete number of probable outcomes, normalized information 
entropy is a relative measure of ‘missing information’. The information entropy is equal to 0 
when only one outcome is possible, a maximum of 1.0 when all outcomes are equally likely, 
and any value in between. Wellmann and Regenauer-Lieb (2012) proposed to use information 
entropy as an objective measure to analyze and communicate uncertainty in geological models. 

Empirical cumulative distribution function (ECDFs) and confidence intervals (CI) can be used 
as tools to quantify uncertainty in the probabilistic assessment framework. In the current tunnel 
practice, the magnitude of the CI bounds is seldom calculated, and the implication of this uncer- 
tainty is generally under-appreciated. CI is a measure of the level of confidence that the parameter 
of interest lies within a specific interval range. A higher probability associated with the CI means 
there is a higher degree of certainty of parameter value falling within the interval range. Thus, CI 
is a robust measurement of uncertainty. In this thesis, individual realizations of geotechnical 
parameters are utilized to develop the CI bands of geotechnical parameter uncertainty. 

ECDFs is a plot of the data specifically designed to display the percentiles by plotting per- 
centages versus data values. The vertical axis represents the percentages from 0 to 100%, while 
the horizontal axis presents the data values—ECDFs aid in capturing the true probabilistic 
distribution of a parameter. The ECDFs provide insights into (a) percentile value for a given 
percentage and (b) the percentage corresponding to a particular data value. 


3 INFORMATION ENTROPY MEASURES 


Several researchers have focused on generating soil stratigraphy realizations from Markov 
Random Field (MRF) approach and have quantified the uncertainty in stratigraphic 
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configurations (Gong et al. 2020). However, the uncertainty in stratigraphic configurations 
does not capture the uncertainty in stratigraphic transition locations. In this study, uncer- 
tainty measures (expressed in terms of information entropy) were analyzed to verify if these 
measures convey the uncertainty in soil transition locations. The study uses the geotechnical 
site investigation (SI) data from 20 boreholes drilled along the 2 km stretch of the Anacostia 
River Tunnel (ART) alignment. 

PGSIM technique is applied to the ART geotechnical data to get a most likely configur- 
ation of the ground conditions and uncertainty in the most-likely ground configuration. 
Figure | presents a longitudinal profile of the boreholes along the alignment, the most likely 
stratigraphic configuration, the associated uncertainty (H) (expressed in terms of information 
entropy), and median uncertainty within the tunnel envelope. As shown in Figure 1(c) and (d), 
the uncertainty at transition | (transition from cohesive to cohesionless soils) and transition 2 
(transition from cohesionless to cohesive soils) is between 0.3 and 0.6, with a median uncer- 
tainty of about 0.4. These uncertainty measures do not quantify or indicate the uncertainty in 
locations of soil transitions, which are critical for the efficient TBM operation. It is noted that 
relatively higher uncertainty measures are observed at locations of transitions between soil 
units; however, the soil transitions may not be captured without setting a threshold on the 
acceptable uncertainty measures. 
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Figure 1. (a) Longitudinal borehole profile, (b) most-probable stratigraphic configuration along tunnel 
centerline, (c) uncertainty (H) expressed in terms of information entropy, and (d) median uncertainty 
within tunnel envelope. 


Along with the longitudinal (x-z plane) direction, the study analyzed the uncertainty measures 


in the transverse (y-z plane) direction. Figure 2 presents uncertainty measures for rings # 311 and 
#520 in the y-z plane. As illustrated, for ring# 311, the uncertainty in the vertical soil profile 
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increased between the TBM axis (4 m elevation) and invert level (7 m elevation), indicating 
a transition between two stratigraphic units. Again, the information entropy is misleading as 
almost 90 % of realizations show transition between cohesionless and cohesive soils. For ring# 
520, the uncertainty in the y-z plane almost remains the same, indicating no transition. This is 
misleading as about 80 % of the individual realizations from PGSIM modeling show transition 
between cohesionless and cohesive soils at TBM axis elevation. The most likely soil conditions at 
ring# 520 are presented for comparison. The results from information entropy are based only on 
the most likely stratigraphic configuration and provide only a definite elevation of transition 
without quantification of the variability in the transition elevation. 

The study concludes that although information entropy can quantify uncertainty in strati- 
graphic configurations, the approach cannot be applied to obtain a quantitative assessment of 
soil transition location uncertainty in the longitudinal (x-y plane) and transverse (y-z plane) 
direction within the tunnel envelope. A lack of quantification of the occurrence probability of 
transition along with the potential band of uncertainty in the transition locations remains to 
be a practical problem with the information entropy approach. 
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Figure 2. Uncertainty (H) expressed as information entropy for transverse cross-section (y-z plane) for 
ring# 311 and #520. 


4 APPROACH TO QUANTIFY SOIL TRANSITION UNCERTAINTY 


Figure 3(b) presents the probabilistic assessment of ground conditions using the geotechnical 
data from the ART project. The spatial locations of soil transitions are presented in terms of 
occurrence probabilities and proportion of cohesive/cohesionless soils within the tunnel enve- 
lope. The reader is referred to Gangrade et al. (2021) for application of PGSIM on a typical 
tunnel project. To capture the uncertainty in soil transitions and quantify the probability of 
occurrence, following steps are adapted: 

Step A entails building a 3D simulation grid for geostatistical modeling and discretizing 
available borehole data into grid voxels. Multiple realizations of stratigraphic configurations 
are generated. Each row of realizations represents a single voxel of the 3D grid. Grid voxels 
lying within the tunnel envelope are extracted with simulated information for uncertainty 
quantification. 
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Step B involves analyzing the occurrence probabilities of soil units (P,) and the evaluation 
of the most-probable unit within the extracted grid voxels. 

Step C involves quantifying the occurrence of transitions in the longitudinal direction of 
tunneling. Individual realizations from the geostatistical modeling are analyzed to quantify 
the proportion of soil units (M~) along the tunnel alignment. The voxels from the 3D simula- 
tion grid within the tunnel envelope are used to evaluate the proportions of soil units. For 
each ring# i and from the set of n geostatistical realizations, the cumulative probability of 
occurrence of a stratigraphic unit x in specific proportions ¢ within the tunnel envelope is 
evaluated. A family of ECDF curves is generated for a stratigraphic unit occurring at varying 
proportions along the tunnel alignment. 

The outcomes from the three steps are presented in Figure 3(c) where the occurrence prob- 
abilities of transition 1 and 2 are presented in terms of 5% and 95% quantiles. The difference 
between these quantiles helps derive the 90% confidence interval band — denoting the uncer- 
tainty in soil transition location. 
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Figure 3. Geotechnical SI, most-probable soil conditions and the spatial location of transitions (P95) 
for varying cohesive and cohesionless soil proportions within the tunnel envelope. 


5 FIELD VALIDATION OF PROBABILISTIC ASSESSMENT 


The efficacy of the probabilistic approach in characterizing the uncertainty in soil transition 
locations is examined using the EPBM operation data from the ART project. Specifically, the 
rate of chamber pressure dissipation at the tunnel springline is used to identify the occurrence 
of soil transitions. Bezuijen and Dias (2017) showed that earth pressure balance (EPB) tunnel- 
ing in saturated sand with foam conditioning generally exhibits a reduction in chamber pres- 
sure during standstill strongly influenced by the hydraulic conductivity of the soil immediately 
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in front of the cutterhead. During standstill, the soil-foam mixture in the chamber will have 
a higher pressure than the pore water pressure in the formation soil at the EPB face. 

Figure 4 shows the maximum dissipation of EPB chamber pressure during standstill at the 
tunnel springline for sections of the ART alignment in the proximity of the soil transitions. 
For the two transition locations, results indicate that the change in the maximum EPB cham- 
ber pressure dissipation rate falls in line with the 95% quantile locations from the probabilistic 
approach. Transition locations suggested in the GBR are provided for reference. As seen in 
Figure 4(a), the rate of chamber pressure dissipation is less than 0.05 kPa/min between ring# 
250 and ring# 274 indicating the presence of relatively high proportion of low permeability 
cohesive soil at the EPB face. A sharp increase in the rate of dissipation of chamber pressure 
up to about 0.25 kPa/min is observed from ring #275 onwards. Given no change in the over- 
burden and geostatic groundwater conditions, the observed increase in chamber pressure dissi- 
pation rate could be attributed to the increased permeability of soil at the EPB face. The 
observations reveal that the transition from G1/G2 to G3/G4, within the tunnel envelope, 
does not occur at or near ring# 260, as indicated in the GBR. In the tunnel section from ring# 
275 to ring# 340, relatively high rates of chamber pressure dissipation, between 0.05 and 0.5 
kPa/min, correspond with the increased proportion of G3/G4 soil at the EPB face. 

Similarly, as shown in Figure 4(b), the chamber pressure dissipation between ring# 500 and 
ring# 550 varies between 0.05 and 0.3 kPa/min indicating the presence of highly permeable 
G3/G4 soil at the face in relatively large proportions. The dip in chamber pressure dissipation 
beyond ring# 550 indicates the presence of G1/G2 soil in relatively higher proportions. The 
probabilistic approach shows that the transition from G3/G4 to G1/G2 soil (Pos for 50% or 
greater proportion of cohesive soil at the EPBM face) occurs at about ring# 550. The prob- 
abilistic approach results are found to correspond to the observations of maximum chamber 
pressure dissipation from recorded EPB data. 
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Figure 4. Rate of dissipation of EPB chamber pressure as determined from the analytical fit to chamber 
pressure drop during EPB standstill, in proximity of (a) soil transition 1 and (b) soil transition 2. Vertical 
lines indicate the soil transition from GBR and probabilistic approach, respectively. 


6 CONCLUSION 


Lack of characterization of uncertainty in transitions between soil units with different compos- 
itions and different geological and mechanical properties within the tunnel envelope prior to 
tunnel construction remains a challenging issue for successful and safe mechanized tunneling. For 
tunnels or any other large-scale geotechnical projects where infrastructure is installed under- 
ground, the owner, contractor, and involved stakeholders generally prefer to work with 
a quantitative rather than a qualitative assessment of stratigraphic transition uncertainty. To 
address this problem, this study presents a geostatistical modeling-based probabilistic approach 
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to characterize the stratigraphic transition location uncertainty within the tunnel envelope. The 
geostatistical modeling method adopted herein utilizes the PGSIM modeling technique, 
a transition probability, and a variogram-based geostatistical method for modeling soil units. 

It is feasible to use EPB operation data to identify the soil transition locations within the 
tunnel envelope. At the ART project, locations of soil transitions at ring# 275 and ring# 550, 
as interpreted from the probabilistic approach, agree with locations where chamber pressure’s 
maximum dissipation at tunnel springline changes. The probabilistic approach results present 
an improved characterization of soil transition locations within the tunnel envelope when 
compared to the deterministic interpretations in the GBR. 

The presented field evaluation using EPB operation data demonstrates the capability of the 
proposed probabilistic approach in identifying soil transitions within the tunnel envelope. The 
probabilistic approach results provide an improved understanding and quantifiable character- 
ization of soil transition locations compared to the interpretations from the GBR. The prac- 
tical benefits of the proposed probabilistic approach include (i) estimating the maximum 
dissipation of chamber pressure during prolonged EPBM standstill, (ii) estimating the volume 
of soil excavated for better management of excavated material, and (iii) updating the know- 
ledge of anticipated ground conditions and planning EPB operations accordingly. This work 
is developed with a vision to be used as a tool by tunneling contractors and involved stake- 
holders to improve overall ground awareness prior to starting construction for safe and effi- 
cient tunnel construction performance. 
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ABSTRACT: Nowadays, with the rapid development of the economy, the constructions of the 
tunnels in congested urban area are increasing. Therefore, many new tunnels will be excavated 
near the existing underground structures. Based on a project in Shanghai, this study conducted 
the 3D numerical analysis to investigate the soil displacement induced by the construction of the 
tunnel in limited space which was formed by the existing underground infrastructures. To enhance 
the understanding of close-proximity tunneling, the integrated numerical models of the construc- 
tion of shield tunnel in limited space and the construction of shield tunnel in half-infinite space 
were established, respectively. The results revealed that the soil in the limited space was disturbed 
significantly. The maximum ground subsidence and the range of ground settlement induced by 
the construction of tunnel in limited space were 60% and 50%, respectively, smaller than those 
induced by construction of tunnel in half-infinite space. The ground settlement patterns under 
these two circumstances were almost the same. Moreover, a soil settlement trough appeared 
below the bottom slab of the underground structure. The findings can provide a better under- 
standing of the soil displacement induced by tunnel excavation in limited space in soft clay stra- 
tum and can offer the guidance for the similar projects. 


1 INTRODUCTION 


Due to the rapid growth of the economy, the demands for tunnels are greatly increasing. 
Accordingly, the underground space in urban area is becoming more and more congested. 
Therefore, the new tunnels will be excavated near the adjacent existing underground structures 
and the safety of the surroundings becomes the main concern and the problem. Lin et al. 
(2022) pointed out that the metro system will benefit the urban development in many ways 
but will also bring the inevitable engineering risks and challenge. Zheng et al. (2022) investi- 
gated the tunnel-soil and tunnel-tunnel interactions in soft soil. Gue et al. (2017) pointed out 
that the adjacent existing structure can have a great influence on the soil displacement during 
the construction of the tunnel. Many studies (Heravi et al., 2011; Shen and Liu, 2015) were 
carried out to obtain the characteristics of the soil movement and the surrounding responses 
induced by close-proximity tunnelling. Most of the studies emphasized that the interaction 
between the tunnels and the adjacent existing underground structures was complicated and 
that the soil displacement cannot be well predicted by the traditional theories (Han, 2007; 
Wang et al., 2016; Lin et al., 2022). Generally, there is still a lack of the studies about the soil 
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displacement and the surrounding responses induced by the construction of the shield tunnel 
in limited space. Based on this background, this paper investigated the characteristics of soil 
movement and ground subsidence when the tunnel was constructed in the limited space which 
was formed by the underground structure and diaphragm walls. The findings will offer some 
guidance to the similar projects to some extent. 


2 PROJECT OVERVIEW 


Shanghai is one of the biggest cities all over the world and its main stratum is silty soft clay, 
which may cause great risks to the shield tunnel and the existing structures. Due to the con- 
gested underground space in Shanghai, a new tunnel was planned to be constructed in the 
narrow space which was enveloped by the existing underground structure and the diaphragm 
walls. The tunnel and the underground structure were vertically stacked and the overlapping 
length was about 6 km. Figure | illustrated the cross section view of this project. As the Modi- 
fied Cam-clay can well reflect the characteristic of soft soil in Shanghai (Guo et al., 2018), 
Table 1 showed the parameters of the soil in the numerical model. To alleviate the boundary 
effect, the whole length and the width of the model was 120 m and 100 m, respectively. The 
length of the tunnel and the existing underground structure was set as 120 m, correspondingly. 
The total depth of the model was 70 m. Figure 2 illustrated the overview of the numerical 
model. In order to obtain a better understanding of the influence caused by the tunnelling in 
limited space on the surrounding soil displacement field, the model for the construction of the 
same tunnel in half-infinite space was also established. 

The level of underground water was 3.2 m below the ground surface. Since the construction 
duration was short and the tunnel did not pass through the confined water layer. The artesian 
water and the soil consolidation were not included in the model to shorten the calculation 
time. The internal and external diameters of the tunnel was 6 m and 6.6 m, respectively. The 
width of the lining rings was 2 m. The diaphragm wall and the underground structure were 
modeled as linear elastic material with a Young’s modulus of 30 GPa and 31.5 GPa. In add- 
ition, the density of the diaphragm and the underground structure was 2500kg/m*. The 
detailed information of the underground structure and the tunnel were listed in Table 2. All 
the displacement for the bottom of the model were restrained while the top of the model was 
set as the free surface. The lateral displacement of the left and right boundary of the model 
was also constrained. According to the findings in Zheng et al. 2022, the normal interaction 
between diaphragm wall and the soil was simulated by “hard contact”, which indicated that 
sliding and limited separation was allowed but penetration was strictly forbidden. The tangent 
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Figure 1. Cross section view of the project. 
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contact between the diaphragm wall and the soil was simulated by friction mode and the fric- 
tion coefficient was set as 0.35 (Guo et al., 2018). The same interface and the contact mode 
were adopted between the bottom slab of the existing structure and the soil. 

In accordance with the stages of the actual construction process, the numerical calculations 
were performed following the steps listed below: 


1. Generate the initial geostress field. 
2. Activate the elements of the underground structure and diaphragm wall 
3. Conduct the pre-balance calculation. 


Table 1. Geotechnical parameters for the soft soil in the numerical model. 

Layer Thickness (m) y (kN/m?) C (kPa) o (°) e v A K 
Clay 3.2 17.9 7.2 17.9 0.819 0.28 0.114 0.016 
Soft clay 2.1 17.5 13.9 15.4 1.108 0.32 0.182 0.023 
Silty clay 9.1 18.1 14.4 18.8 1.139 0.36 0.178 0.021 
Mucky clay 15.7 18.3 18.9 28.3 0.827 0.29 0.171 0.009 
Silty clay 7.8 18.6 18.3 21.7 0.905 0.32 0.092 0.006 
Sandy clay 20.3 19.1 2.7 35.2 0.631 0.26 0.039 0.003 

70 m 


ali 


(a) 


(b) 


oom 


Figure 2. Overview of the numerical model: (a) numerical model in the limited space; (b) numerical 
model in the half-infinite space. 
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4. Clear the displacement field and the velocity field. 

5. Conduct the excavation of the tunnel to a length of 2 m and active the elements of the cor- 
responding tunnel lining. 

6. Repeat the processes described in step 5 until the construction of the tunnel is completed. 


Table 2. Parameters for underground structure and the tunnel. 


Young’s 

Modulus Thickness 
Type (Mpa) (m) Poisson’s ratio 
Top slab of the underground structure 3.15e4 1 0.21 
Middle slab of the underground structure 3.15e4 1.2 0.21 
Bottom slab of the underground structure 3.15e4 0.8 0.21 
Segment of tunnel 3.45e4 0.3 0.21 
Diaphragm wall 3e4 1 0.21 


3 VALIDATION OF THE NUMERICAL CALCULATIONS 
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Figure 3. Comparison between the computed results and field data: (a) longitudinal ground settlement; 
(b) deformation of the top slab of the underground structure. 
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To verify the rationality and the accuracy of the established numerical model, the field data 
and the calculated results were compared in Figure 3. Due to the limited field monitoring 
data, only the results of the ground subsidence and the deformation of the top slab were avail- 
able. As shown in Figure 3a and b, the ground settlement trough appeared and the top slab 
deformed during the construction of the tunnel. The maximum ground subsidence and the 
deformation of the top slab of underground structure kept increasing with the process of tun- 
nelling. Generally, the computed results shown in Figure 3 were consistent with the field meas- 
ured data, which verified the reliability of the numerical model in this study. 


4 ANALYSIS OF THE NUMERICAL RESULTS 
4.1 Soil displacement field induced by tunnelling 


FLAC3D 6.00 


FLAC3D 6.00 


(b) 


Figure 4. Contour plot of the soil displacement: (a) tunnelling in limited space; (b) tunnelling in 
half-infinite space. 


Figure 4 showed the contour plot of soil displacement field when the construction of the tunnel 
was completed. From Figure 4, it can be obtained that when the tunnel was constructed in 
limited space, only the soil near the tunnel was disturbed significantly. Namely, the soil displace- 
ment outside the diaphragm wall can be neglected. However, when the tunnel was constructed 
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in the half-infinite space, the soil displacement field induce by tunneling was much wide. The 
results presented in Figure 4 revealed that the limited space formed by underground structure 
and diaphragm wall had a significant shielding effect on the soil displacement field induced by 


the construction of the tunnel. 


4.2 Transverse ground settlement 
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Figure 5. Lateral ground settlement. 


The transverse ground settlement profile computed under the aforementioned two conditions 
during the construction of the tunnel was shown in Figure 5. As demonstrated in Figure 5, the 
transverse ground settlement patterns were almost the same. However, the ground subsidence 
and the range of the ground settlement computed by tunnelling in limited space were smaller 
than those computed by tunnelling in half-infinite space at the same stage of the construction. 
When the tunnelling was completed, the maximum ground subsidence and the range of the 
ground settlement were 2.61 mm and 47 m, which were 60% and 50%, respectively, smaller 
than the results caused by construction of tunnel in half-infinite space. 


4.3 Longitudinal ground settlement 
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Figure 6. Longitudinal ground settlement. 
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The longitudinal ground settlement profile computed under the two conditions during the con- 
struction of the tunnel was shown in Figure 6. When the tunnel was constructed in the half- 
infinite space, the soil ahead of the head of the shield machine experienced uplift. On the contrary, 
the ground soil only settled during the process of tunnelling in limited space. This was because the 
construction of the tunnel in half-infinite space can directly affect the movement of the ground 
soil. However, when the tunnel was constructed in the limited space, the ground soil was mainly 
affected by the deformation and movement of the underground structures. 


4.4 Soil settlement in the limited space 
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Figure 7. Soil settlement in the limited space: (a) transverse soil settlement in the limited space; (b) Lon- 
gitudinal soil settlement in the limited space. 


The transverse and longitudinal soil settlement profile in the limited space were illustrated in 
Figure 7. From Figure 7a and b, the soil settlement trough occurred below the base slab of the 
underground structure and this soil settlement trough appeared above the central line of the 
tunnel. The underground structure also experienced an overall settlement. The interspace 
between the soil and the base slab of the structure may have a significant negative influence 
on the deformation of the structure. Therefore, the advance soil reinforcement such as grout- 
ing should be adopted in this area. 


5 CONCLUSIONS 


Based on the elaborate 3D numerical analysis, this paper investigated the soil displacement 
field induced by the construction of the tunnel in limited space. The following conclusions can 
be drawn from the results. 
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(1) The limited space formed by the underground structure and the diaphragm wall had 
a significant shielding effect on the soil movement induced by the tunneling. Only the soil 
near the tunnel in the limited space was disturbed significantly. 

(2) At the completion of the tunnelling, the maximum ground subsidence and the range of 
ground settlement induced by the construction of tunnel in limited space were 60% and 
50%, respectively, smaller than those induced by construction of tunnel in half-infinite 
space. The ground settlement patterns under these two circumstances were almost the same. 

(3) A soil settlement trough appeared in the limited space and this soil settlement trough was 
located above the central line of the tunnel. Accordingly, the advance soil reinforcement 
such as grouting should be adopted in this area. 
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ABSTRACT: In modern transit systems, maintaining air quality, environmental control, 
and Fire Life Safety within the underground portion of the system is an important component 
of the overall design and its compliance with the established life safety and comfort guidelines 
and standards. Typical, Heating, Ventilation, and Air Conditioning (HVAC) systems do not 
have sufficient capacity to control the heat and smoke from a large train fire at the station 
platform. Therefore, emergency ventilation and smoke control of the tunnels is combined with 
that in the underground stations. These emergency ventilation systems (EVS’s) require a large 
space and are often housed inside the stations that serve the underground portion of the tran- 
sit system. Since underground portions of transit systems are often in dense urban areas, real 
estate and construction costs present a challenge to the system designers and minimizing the 
space requirements of the EVS becomes of paramount importance. An introduction to the 
principles of tunnel ventilation is presented and application of these principles in the under- 
ground portion of the Réseau Express Métropolitain (REM) in the new Montreal Airport 
Tunnel is discussed. The presentation includes the theoretical background, design criteria, 
regulatory requirements, analysis methods, and advanced numerical techniques used in devel- 
oping the design of the tunnel ventilation system (TVS) and their specific application in the 
underground portion of the REM project. The proposed TVS design is presented, and results 
of the analysis are discussed. 


1 INTRODUCTION 


Over the past century, great strides have been made in advancement of the transit sys- 
tems and associated safety standards and requirements. Nowadays, we are witnessing 
that the designed modern transit systems need to comply the latest comfort safety codes 
and standards. Crucial environmental parameters including air quality, temperature, 
humidity, pressure, and noise are the main concerns of the mechanical system utilized 
for any underground spaces. Therefore, in the design of mechanical ventilation system of 
any underground project, the environmental parameters need to be code compliant [1]. 
In general, three main transit system’s conditions are considered for investigation of 
transit system’s condition; the conditions are normal train operation, congested oper- 
ation, and fire emergency situation. Normal train operations are when train movement 
in the system is according to train schedules. The congested train conditions occur when 
a train dwells at the station platform due to malfunction or train schedule lapse. The 
patrons comfort level and equipment operational limits are the main concerns for 
normal and congested operations which the designed system need to comply the Heating 
Ventilation and Air Conditioning (HVAC) industry standards such as the ASHRAE 
Handbooks [2]. During the fire emergency, since the environmental parameters exceed 
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the tenability limit during the evacuation time, the designed system need to comply the 
fire life safety codes and standards such as the National Fire Protection Association 
(NFPA®) 130 [3] or 502 [4]. 

This paper focused on the fire life safety aspects of a future light rail transit system in Mon- 
treal, Quebec, Canada which is called Reseau Express Metropolitain (REM). The REM net- 
work consists of four branches (i.e., Deux-Montagnes, Rive-Sud, Sainte-Anne- De-Bellevue, 
and Aeroport) as shown Figure 1. In this paper, the applications fire life safety principles for 
the airport tunnel section of the REM network were discussed. 
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Figure 1. REM network and the associated branches. 


2 AIRPORT TUNNEL AND TUNNEL VENTILATION SYSTEM (TVS) 


During normal and congested operations, the TVS is utilized to maintain the comfort 
level for passengers and the maintenance crew of a transit system. Although the 
modern train and stations are equipped with the air-conditioning systems, the tunnel 
air needs to be at a limit that there is no harm for the equipment such as air condi- 
tioning. This can be accomplished by activation of TVS in the transit systems. In add- 
ition, the TVS is the key parameter to control and dilute the noxious gases and species 
emitted in underground environments. 

During fire incidents in underground stations or tunnels, the primary objective of the fire 
safety plan of the occupants in transit system is to ensure a tenable evacuation path from the 
platform to a point of safety through the tenable route during the evacuation time; and, sec- 
ondarily, to provide an access for firefighters or fire brigade teams to reach the incident. This 
is typically accomplished by the operation of the Tunnel Ventilation Fans (TVF’s) in the tun- 
nels and/or station ventilation via exhaust and/or supply openings at different locations. In 
case of a train fire in the tunnel, the TVS should be capable of maintaining a tenable environ- 
ment in the evacuation path by controlling the propagation of smoke and heat upstream of 
the incident. Creating an air stream with a velocity past the fire greater than the minimum 
velocity required to prevent smoke back layering controls the flow of smoke and heat. This 
minimum velocity is commonly known as the Critical Velocity and is calculated based on dif- 
ferent parameters including the vehicle’s Fire Heat Release Rate (FHRR), tunnel geometry 
and gradient and ambient temperature [4]. 

The Airport Branch contains the Airport Tunnel, the P5 Ventilation Shaft, the Technoparc 
Station, and the future Aeroport Station. The Airport Tunnel has different sections with dif- 
ferent track configurations including single and double and the stations (i.e., Technoparc and 
the Aeroport Stations) are having dual side platforms (one for each direction of travel). 
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Due to piston effect produced by the movement of the train during normal operation, oper- 
ation of the TVS was not expected to be required majority of the time. Therefore, the produced 
heat can be exchanged by the movement of air from piston effect. When trains travel through the 
tunnel system, a high-pressure region builds at the front of the train, and low-pressure region is 
created at the rear of the train. As the train passes by a person or piece of equipment, the sudden 
changes in pressure can cause discomfort or damage. The pressure change usually varies between 
500 to 700 Pa for the low-speed trains (speed less than 100 km/h) [1]. In addition, as the train 
enters the portal or passes vent shafts or other locations where there are major changes in resist- 
ance, there are sudden changes in pressure. These changes are transmitted through the tunnel 
system as pressure waves at the speed of sound and, if strong enough, may cause problems for 
persons and equipment within the tunnel system. So, due to this, the pressure relief shafts (bypass 
shafts) at different sections of the airport tunnel and stations were designed to reduce the impact 
of produced pressure. The TVS configuration during normal operation is shown in Figure 2. 
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Figure 2. Normal operation. 


Due to malfunction train or train schedule lapse during congested operation, the train, ele- 
vators/escalators motors, HVAC systems, as well as the passengers generate heat that can 
raise the temperature and affect comfort levels in the stations. The TVS configuration during 
congested operation is shown in Figure 3. 
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Figure 3. Congested operation. 
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During fire emergency situation, based on the location of fire car in the tunnel or stations, 
the emergency ventilation strategies vary. The schematic presentation of the Airport Tunnel 
TVS operating in fire emergency mode for train fire inside the tunnel is shown in Figure 4. 
During the tunnel fire situations, the evacuation corridor (an enclosed space) along the length 
of tunnel was considered to redirect the passengers from the incident tunnel to the safe egress 
routes and points of safety. Every 200 m an access door is considered to connect the evacu- 
ation corridor to the transit tunnel. 
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Figure 4. Tunnel fire emergency operation. 


3 CRITERIA AND DESIGN REQUIREMENTS 


Based upon different operations of the tunnel ventilation system at airport tunnel (i.e., 
normal, congested, or fire emergency operations), the considered criteria for TVS design 
vary. 


3.1 Normal and congested operation criteria 


The temperature during extreme summer condition, the air velocity at bypass ventilation 
shafts, the maximum pressure gradient, and the maximum air pressure rise at cross passage, 
shafts, and piston ducts are the considered parameters for the design of tunnel ventilation 
system during normal and congested operations. 

In this analysis, the maximum temperature in extreme conditions for equipment in airport 
tunnel and stations was 38°C (dry blub) which is based on the project requirements. There- 
fore, the TVS was designed in order to maintain the temperature of the tunnel and stations 
less than the limit during the extreme summer condition. 

Further, the maximum air velocity at the bypass ventilation shafts should not exceed 
11 m/s. 

Furthermore, a 500 Pa/s and 200 Pa were considered as the maximum pressure gradient and 
maximum rate of pressure rise at aforementioned locations respectively. 


3.2 Fire emergency criteria 


A mechanical fire emergency ventilation system is typically required in enclosed under- 
ground stations. The primary objective of the station emergency ventilation during 
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a fire incident is to maintain a tenable environment along the path of egresses to 
a point of safety during the time required for evacuation. A tenable environment is 
defined as an environment that permits the self-rescue or survival of occupants. The 
criteria for the tenability analysis were based on the current NFPA® 130 standards [3], 
which define a tenable environment in terms of visibility, temperature, radiant heat 
flux, air carbon monoxide content and air velocity. The following is a summary of 
relevant criteria. 


3.2.1 Visibility 

Smoke obscuration level should be maintained bellow the point at which the internally illu- 
minated signs are discernable from a distance of at least 30 meters. Additionally, doors and 
walls are discernable from a distance of at least 10 meters. 


3.2.2 Temperature 

Maximum temperature considered in the TVS design during the emergency condition is 
60°C. Air temperature limits in NFPA® 130 are given as a function of exposure time for 
several basic life-threatening possibilities. The most conservative criterion from those 
listed is corresponding to respiratory tract burns, where temperatures above 60°C can be 
damaging. 


3.2.3 Air carbon monoxide content 

Based on NFPA® 130, the allowable carbon monoxide content is based on exposure 
time. The visibility and temperature limits are reached well before the carbon monoxide 
content reaches levels near the limit [4,5]. Therefore, the carbon monoxide limit is not 
investigated. 


3.2.4 Airflow velocity 
Air velocities in the evacuation paths or areas used by emergency personnel should not exceed 
11 m/s. the velocities higher than the limit may impede walking. 


3.2.5 Radiant heat flux 

Based on NFPA 130® [3], a radiation heat flux to the skin of less than 1.7 kW/m’ can be toler- 
able indefinitely without significantly affecting the time available for escape. Therefore, this 
value is considered as the limit for the design of TVS in airport tunnel. 


3.2.6 Stations’ evacuation time 
According to NFPA® 130, it is required to maintain a sufficient egress capacity to evacuate 
the platform in 4 minutes and reach the point of safety in 6 minutes. 


4 COMPUTATIONAL ANALYSIS 


The Subway Environmental Simulation (SES) analysis and Computational Fluid Dynamics 
(CFD) analysis were conducted to size the emergency ventilation system at airport tunnel and 
stations. 

SES analyses were focused mostly on the tunnel fire incidents at different sections of the 
tunnel. The one-dimensional (1D) numerical analysis (7.e., SES analysis) is a common tool to 
be used for the fire analysis within a large domain such as whole transit network system [6, 7]. 
Considered fire locations and the associated ventilation directions are shown in Figure 5. 
Based on the SES analyses, the critical velocity for all fire locations was met and a safe evacu- 
ation path for each scenario was proposed. 

On the contrary, CFD analyses were focused mostly on station’s fire scenarios since 
the 1D simulations (i.e, SES analysis) are not useful tools to analyze the complex 
three-dimensional (3D) dynamical system such complex flow regions encountered 
closed to the train car fire at multi-story stations [7]. Two fire scenarios corresponding 


3093 


to fire incidents on the front and rear train cars were separately investigated to assess 
the capability of the designed fire emergency ventilation system at Technoparc Station 
as shown in Figure 6. 
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Figure 5. Airport Tunnel fire locations and the airflow directions. 


Figure 6. Fire car location on (a) southwest (b) northwest of the station. 


Based upon the location of fire car at Technoparc Station, various ventilation modes 
were analyzed and proposed. The visibility to a lighted sign and temperature results at 
2m of the platform for the southwest train car fire incident at Technoparc Station are 
presented in Figures 7 and 8 respectively. In this scenario, the combustion products 
were extracted from the incident side Over the Platform Exhausts (OPEs) and Stair 
Vent. Meanwhile, the fresh air was supplied on the OPEs on the non-incident side, 
clearing the egress paths from smoke. The results of the simulations have shown that 
tenability was successfully maintained on the platform level for the 4 minutes of evacu- 
ation time, except very close to the fire location, which is allowed by NFPA® 130 
standards [3]. 
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Figure 7. Visibility contours 2 m above platform at (a) t = 1 min, (b) t = 2 min, (c) t = 3 min, (d) t = 4 
min, (e) t = 5 min, (f) t = 6 min. 
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Figure 8. Temperature contours 2 m above platform at (a) t = 1 min, (b) t = 2 min, (c) t = 3 min, 
(d) t = 4 min, (e) t = 5 min, (f) t = 6 min. 


The visibility and temperature contours 2 m above the mezzanine level at 6 minutes of 
evacuation time are presented in Figure 9. The results have shown that tenability on all the 
egress paths is maintained through the 6 minutes of evacuation time. The west corner at the 
mezzanine level was at opening sections connecting the platform to the concourse level. This 
region was not on any solid ground, and therefore was not on any egress path. As a result, 
tenability on those regions was not required. Based upon the tenability of the results at Con- 
course level, the tenability of concourse was maintained for way more than 6 min of the evacu- 
ation time. 
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Figure 9. Tenability contour plots 2m above mezzanine level at 6 min of the evacuation time, (a) visibil- 
ity to a lighted sign, (b) temperature. 


5 CONCLUSIONS 


Tunnel ventilation system in rail transit systems specifically in the airport tunnel of the city of 
Montreal was discussed and its function during various operating conditions, i.e. normal, con- 
gested and emergency operations was analyzed. Some results of the proposed TVS for the Airport 
Tunnel and Technoparc Station of the REM project were presented. By operation of the pro- 
posed TVS system, tenability of the platforms beyond the 4 min of the evacuation time for fire 
scenarios was maintained. The proposed analysis was demonstrated to be a useful technique for 
maintaining the tenability of the egress routes. 
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ABSTRACT: At tunnel construction sites, disasters caused by tunnel face collapses are 
often serious once they occur. To avoid this situation, it is necessary to detect crack on tunnel 
face as soon as possible before the occurrence of bed rock cave-in, and secure time for evacu- 
ate from there. We are now developing a “tunnel face monitoring supportive system” that 
helps crack identification on tunnel surface using a camera with AI. This system enables to 
identify cracks accurately and quickly while avoiding work near dangerous points and ensur- 
ing safety. An objective and quantitative comparison of monitoring functions, such as crack 
identification by the camera-mounted AI, with human visual inspection confirmed that the 
average travel distance to detect cracks can be reduced by approximately 28% with the intro- 
duction of this system. It was found that this system reduced the time required to evacuate the 
tunnel and assisted in efficient crack monitoring. 


1 INTRODUCTION 


1.1 Overview of the tunnel face monitoring supportive system 


To avoid hazards caused by tunnel face collapse at tunnel construction sites, it is necessary to 
sound an alarm before bedrock cave-in occur and to allow time for workers to evacuate from 
the tunnel face. Conventionally, cracks have been identified as a source of danger by human 
visual inspection. However, there are many areas where visual inspection is difficult due to 
safety, time constraints, economic burdens, and other problems, such as the use of temporary 
scaffolding and vehicles working at heights. As a solution to this problem, we are developing 
a “tunnel face monitoring supportive system” that supports crack identification on shotcrete 
surfaces using a camera equipped with AI. This system enables accurate and rapid crack iden- 
tification while ensuring safety by avoiding work close to danger points. This paper describes 
the background of the development and its effectiveness. This paper is based on the verifica- 
tion of a demonstration case conducted under the budget of a project commissioned by the 
Ministry of Economy, Trade and Industry (METI) in 2021. 

Figure | shows a schematic diagram of the tunnel face monitoring supportive system. This 
system is intended to be used as a decision-making tool for tunnel face observation during 
actual operations. Since this system can detect cracks earlier than visual observation and can 
detect cracks occurring in blind spots, it is expected to enable more accurate tunnel face obser- 
vation and reduce accidents in tunnel construction site. 
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Tunnel face monitoring supportive 
system control panel 


Figure 1. Conceptual diagram of the tunnel face monitoring supportive system. 


1.2 Construction of crack detection AI and crack detection performance 


In conventional control engineering, rules are defined by humans and programmed into PCs. 
Because these rules are very strict and are set by human assumptions, the program may not 
process the input properly, resulting in unexpected behavior or errors. Deep learning, on the 
other hand, uses real data with variations and “learns” a large number of parameters and 
rules that cannot be programmed by humans, allowing the computer to create rules that 
absorb ambiguity. Therefore, cracks may be detected with high accuracy even in harsh envir- 
onmental conditions such as tunnel construction sites. 

The figure shows the shotcrete on a tunnel face taken during machine excavation, 10 
seconds before and at the moment of collapse. As shown in Figure 2 shows that the AI model 
has sufficient detection accuracy for actual cracks. The model was also able to detect cracks in 
real time, confirming its ability to instantly identify and warn of cracks that have begun to 
develop as precursors to collapse (Uke et al. 2022). 
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Figure 2. Detection status for actual cracks using AI. 
2 EXPERIMENTL METHOD USING VR 


2.1 Outline of experiment 


VR has attracted much attention because it provides a near-reality experience in a virtual 
space, and research has been conducted on the differences between VR and a real environment 
in terms of daily behavior (Mizuchi & Inamura. 2018) and psychological effects (Yokoi & 
Saito. 2013). Since it has been confirmed that VR is no problem to use the required time to 
compare two conditions should be used as an alternative value for the real environment 
(Takahashi et al. 2021), we conducted an experiment to compare visual observation and 
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cooperative observation using cameras in VR. As the first step in the construction of the 
tunnel face monitoring support system, we conducted an experiment to identify cracks in 
the shotcrete of tunnel faces in a VR environment. In this experiment, one or two cam- 
eras equipped with cracks detection AI were used to observe part or all of the tunnel 
face to confirm if they were more effective in identifying cracks than conventional visual 
observation. The effectiveness was evaluated quantitatively and objectively. This experi- 
ment was conducted from December 7 to 9, 2021 at the construction simulation facility 
(Width: 15.2m, Length: 33.2m, Height:10m) of the National Institute for Occupational 
Safety and Health. Eight subjects, aged 25-48 years and with 2-26 years of experience 
working for construction companies, participated in the experiment (see Table 1 for field 
experience and job category). 

Using VR, an experiment was conducted to reproduce the environment of the tunnel face 
(Erection work of the steel support) and the system for detecting cracks in the shotcrete surface 
(Figures 3-4). A hypothetical tunnel face, 15.3 m wide and 9.8 m high, was set up at a distance 
of 26 m from the starting line (Figures 3-1 and 3-2). An erector (Width: 3.3 m, Length: 
12 m (excluding the arm), Height: 7.5 m) was placed in front of the tunnel face (Figures 3-3). 


2.2 Test cases 


This experiment was conducted in four cases, depending on the different ways the system assisted. 
Assuming that the subject is an observer of the tunnel surface, we conducted one case in which the 
subject detects cracks only visually (Case 1) and three cases in which cracks are detected by 
cooperative monitoring between the system and the subject. The three cases are: a case in which 
the system assists in detecting cracks on the right half of the tunnel surface (Case 2), a case in 
which the system assists in detecting cracks on the left half (Case 3), and a case in which the 


Table 1. Tunnel site experience and job positions of the experiment collaborators. 


Subject ID Field experience and Job position 


A Experienced 2 mountain tunnel sites as supervisor (in charge of geology) 

B Experienced 2 mountain tunnel sites as supervisor (in charge of excavation for about 
1 year) 

Chief construction site manager (6 sites, total excavation length approx. 6 km) 
Tunnel site supervision experience, but excluding excavation supervision. 

Chief construction site manager (6 sites, total excavation length approx. 7 km) 
Experienced 1 mountain tunnel sites as supervisor (in charge of excavation for about 
half year) 

Chief construction site manager (4 sites, total excavation length approx. 3 km) 

Head of construction site (10 sites, total excavation length approx. 7 km) 


Jwa 


TQ 


system assists from both sides (Case 4). Experiments were conducted in each of these four cases to 
confirm the effectiveness of this system. After entering the experimental facility, subjects wore 
a head-mounted display (Oculus quest2, Meta) and carried a controller that announced and 
recorded crack detection information in their left and right hands, respectively, to quickly identify 
cracks in VR. After a brief lecture on VR operation by the company that produced the VR images 
(Pocket Queries, Inc, Tokyo, Japan), the subjects stood at the start line at a distance of 26 m from 
the tunnel face and started the experiment on starting signal (Figure 3). The experiment consisted 
of finding five types of cracks (center (diagonal and horizontal), crown, upper left, and upper 
right) that appeared on the shotcrete surface in the VR simulating the environment inside the 
tunnel (erecting steel support). The experiment reproduced cracks that could be considered signs 
of a major tunnel face collapse or of the collapse of a small rock mass that could lead to disaster. 
Cracks near the center of the tunnel face were reproduced as signs of a major tunnel collapse that 
could lead to the collapse of the entire face. Cracks at the crown, upper left and upper right were 
reproduced as signs of a small-scale collapse of the bedrock above the tunnel face that could lead 
to a disaster caused by falling bedrock. In addition to the above five types of cracks, two pseudo- 
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Central(diagonal) crack 


Figure 3. Situation in the experimental facility (1, 2) and in the VR virtual environment (3-5). 


cracks (cracks that are detected by the system and warned by the tablet but do not appear on the 
shotcrete surface in the VR) were added to avoid excessive reliance on the system under conditions 
where the system assists in observation. If the experiment using VR targets only cracks appearing 
on the tunnel face, all cracks appearing on the shotcrete surface are detected by this system, and 
the crack detection position is displayed to the subject on the tablet terminal. In this case, even if 
the subject cannot find the crack, clicking on the shotcrete surface at the same location as the 
crack detection location displayed on the tablet terminal is considered as crack detection. This is 
a different use of this system from its role as a tunnel face observation aid. On the other hand, this 
system is intended to be used in a variety of site environments and may not be able to detect 
cracks in shotcrete. Therefore, in order to make the environment in the VR closer to the actual site 
environment, pseudo-cracks were randomly incorporated into the system, and an experiment was 
conducted to confirm the effectiveness of the system as an adjunct to the subject’s observation of 
the tunnel face, rather than relying entirely on the system. In the experiment, the time from crack 
initiation to detection and the location where the subject detected the crack were measured. 


3 VALIDATION OF THE EFFECTIVENESS OF THE TUNNEL FACE MONITORING 
SUPPORTIVE SYSTEM 


3.1 Division of vision between the tunnel face monitoring supportive system and the person in 
charge of tunnel face monitoring 


Figure 4 shows the change in the monitoring position of each subject before and after crack 
occurrence, with and without the assistance of the tunnel surface monitoring supportive system. 
Crack initiation was defined as the point in time when cracks appeared on the shotcrete surface, 
and crack detection was defined as the point in time when cracks were recognized either by 
a warning from the system or by spontaneous visual observation by the subject. 

The results showed that 7 out of 8 observers observed the tunnel face between 6.5 m from the 
tunnel face and 10 m from the tunnel face, both during crack initiation and crack detection. 
This position was between the base of the erector arm and the observer in the VR. Comparing 
the crack detection positions with and without assistance by this system, crack detection pos- 
ition was found to be more varied in the case without this system than with this system. Com- 
paring the change in the observer’s position with and without this system, the change in the 
subject’s position before and after the crack was detected was small when this system was not 
installed. However, when this system was installed, several subjects were observed to move to 
the side where this system was installed. When this system was not installed, most subjects 
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observed from the left side, but when this system was installed, most subjects cooperated with 
this system and observed from the opposite side of the camera. In order to examine the subjects’ 
observation status according to the installation method of this system, the observation positions 
before and after the occurrence of the first crack were classified for each experimental condition 
(Figure 5). In the case of visual observation, most subjects observed from the left side of the 
tunnel, but when this system was introduced, it was found that most subjects observed from the 
opposite side of the camera installation position. These results indicate that the subject is able to 
observe the tunnel surface while dividing the field of view between the subject and the system, 
even though the subject does not fully trust the system. 

To compare the installation methods of this system, the average distance subjects traveled 
to find the five cracks was calculated. Table 2 shows the average distance subjects traveled 
according to the installation method of this system. The results show that the average distance 
traveled by the subject to find the cracks decreased by an average of 28% compared to visual 
observation, indicating that the installation of this system reduced the time required to travel 
and detected cracks more efficiently. 


Table 2. Average travel distance of observers according to the installation method of the tunnel face 
monitoring supportive system. 


System installation None right side wall left side wall right & left side wall 


location (m) (m) (m) (m) 
Average travel distance 51.3 30.7 35.3 44.8 


Location of cracks 


Center Center 
(diagonal) (horizontal) 


Crown Upper left Upper Right 


At the time of 
crack initiation 


No 
monitoring 
assistance 


At the time of 
crack 
discovery 


At the time of 
crack initiation 
si meS t = 
\| Movement of some experimental 
With collaborators after crack initiation 
monitoring confirmed in assisted case 
assistance = 


At the time of 
crack 
discovery 


| —Boundaly line = Bench line — Erector @ Supervisor (in VR) m Al-Enabled camera| Horizontal and vertical axes indicate 
Subjects: OA OBOC OD OF OF OG OH distance (m) from the starting position 


Figure 4. Comparison of tunnel face monitoring position in VR according to crack initiation location. 
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Figure 5. Monitoring positions before and after crack initiation for each experimental case. 
3.2 Adequacy of risk mitigation measures for dynamically changing risks 


3.2.1 Installation of a tunnel face monitoring supportive system affects monitoring time 
Figure 7 summarizes the average crack detection time at each crack location with and without 
the tunnel face monitoring supportive system. It can be found that visual observation of the 
tunnel face requires more time to detect cracks than observation with this system. In particu- 
lar, it is found that the cooperative observation using this system can reduce the crack detec- 
tion time by about 20% (average of about 13 seconds) compared to visual observation. The 
detection time depended on the location of the cracks, with cracks at the crown requiring the 
longest detection time. 

To quantitatively understand the effect of this system in reducing the crack detection time, 
the rate of change based on the crack detection time was defined as in Equation (1) and calcu- 
lated for each case with and without this system (Figure 6). 


(Ratio of change in crack detection time) = (Crack detection time) / (Reference crack detection time) 


(1) 


The rate of change based on this system ranged from 1.6 to 6.4 for the cooperative obser- 
vation, confirming that the crack detection time of this system is much faster than that of 
the subject. This result indicates that the crack detection performance of this system is equal 
to or better than that of visual observation. Most subjects correctly identified the pseudo- 
cracks (94% correct response rate for pseudo-cracks), suggesting that subjects did not fully 
trust the crack detection results of this system and made their judgments after actually 
observing the cracks visually. Therefore, it is assumed that under the conditions of this 
experiment, the subjects concentrated on visually confirming the crack detection points 
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Figure 6. Average crack detection time with and without tunnel face monitoring supportive system. 
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Figure 7. Comparison of the rate of change with respect to the tunnel face monitoring supportive 
system. 


notified by the system. It is also assumed that the time measured during the cooperative 
observation was the fastest time the subject was able to recognize the crack. This time can be 
used to calculate the time required to observe the entire tunnel surface according to the 
observation distance. 


3.2.2 Tunnel face monitoring density 

Under the conditions of this experiment, it was found that the time to detect cracks varied 
from subject to subject. This is presumably due to the different observer’s gaze in various 
cases, as shown in Figure 8. For example, the observer detected the crack earliest by observing 
the area near the crack initiation point just after the crack grew and became visible 
(Figure 8-1), and the observer detected the crack latest by observing the entire shotcrete sur- 
face of the tunnel face (Figure 8-2), etc. 

Figure 9 is a conceptual diagram of the time required to observe a tunnel face. It can be 
assumed that as the distance from the crack to the observer increases, the detection time 
increases. The difference between the lower limit for the observer who could detect the crack 
the earliest and the upper limit for the observer who could detect the crack the latest can be 
considered the time required to observe the entire tunnel surface at the distance from the 
observer to the crack. In this paper, the area of the tunnel face that can be observed in 
one second is defined as the observation density. The time required to observe the entire 
tunnel face (4T = T1-L-T2-L) was used to calculate the observation density. 

Figure 10 shows the relationship between the distance from the observation location to the 
crack and the crack detection time. The dashed lines in the figure show the approximate lower 
(blue dashed line) and upper (red dashed line) trends at each distance. These trends indicate 
that the crack detection time increases with the distance between the subject and the crack. 
The approximate straight line for the lower limit of the crack detection time is highly depend- 
ent on the measurement time when the system is introduced, and the approximate straight line 
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Figure 10. Distance to crack vs. crack detection time. 


for the upper limit is highly dependent on the measurement time during visual observation. 
Using these approximate straight lines, the observed density can be calculated as in Equa- 
tion (2). 


(The observed density) 
= (Area of tunnel face : S) 
/(Time required to the entire tunnel face : AT) (2) 
= (Area of tunnel face : S)/{(Upperlimit : T,) — (Lowerlimit : T,)} 
= S/(1.0L + 50) 


Where S: Area of the tunnel face (m°) 

L: Distance between co-experimenter and crack (m) 

The area of the tunnel face used in this experiment was 72.8 mĉ, and this value can be 
applied to the above equation to obtain the observed density according to the distance 
between the subject and the crack. If the distance between the subject and the crack is 
10.5 m, the observed density is calculated to be 1.2 m/s. On the other hand, to calculate the 
observed density of this system, blind spots were determined. The area monitored by the 
camera installed on the right side wall was 49.7% of the tunnel face, and the area monitored 
by the camera installed on the left side wall was 50.7% of the tunnel face. Thus, the area 
monitored by the camera installed 10 m behind the tunnel face is 45.9 m7’, which corresponds 
to approximately 50% of the total area of the tunnel face. In addition, the time from the 
transmission of the video taken by this system to the detection of cracks was about 3.5 
seconds. Using these monitored areas and crack detection times, the observed density of this 
system was calculated to be 13.1 m*/s. This value is approximately 10.9 times that of the 
subject. Since the monitoring areas of the cameras on the left and right walls are approxi- 
mately 50% each, the blind spots can be virtually eliminated by installing cameras on the left 
and right walls. 


3.2.3 Reducing risk by introducing a tunnel face monitoring system 

The risk reduction effect of the tunnel face monitoring supportive system with and without 
support was confirmed using the crack detection time. Figure 10 shows the comparison 
results with and without support by this system. The results show that this system reduced 
the time to crack detection by approximately 16 seconds at the subject’s average crack detec- 
tion distance of 10.5 m. Since the typical jogging speed of an adult male is known to be 
8 km/h, this means that workers near the tunnel face can leave the tunnel about 36 m away 
if they can detect a crack 16 seconds before it occurs. The collapse of a tunnel face is basic- 
ally a collapse of bedrock, and in this case, approximately 15.3 m (1D) is considered to be 
the impact zone. Therefore, by introducing this system, which has observation capability 
equivalent to or greater than that of the human observer used in this experiment, it is 
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expected that workers will be able to move sufficiently away from the impact zone, thereby 
improving worker safety. 

The introduction of this system has demonstrated that it can reduce the time required for 
crack detection and increase the possibility of avoiding hazards such as tunnel face collapse by 
issuing evacuation instructions immediately after crack detection. 


4 CONCLUSION 


The following findings were obtained from VR experiments using the Tunnel Face Monitor- 
ing Supportive System, which assists in detecting cracks in shotcrete surfaces. The introduc- 
tion of this system has proven to reduce the time required for crack detection and increase the 
possibility of avoiding risks such as tunnel face collapse by issuing evacuation instructions 
immediately after detection. 


e Seven of the eight tunnel face observers (subjects) were observed at a distance of 6.5 to 
10 m from the tunnel face. 

e With the installation of this system, the subjects would be observing from the side of the 
tunnel opposite the side where this system was installed, thus sharing the field of view. 

e With the installation of this system, which has a crack detection performance equal to or 
better than that of visual observation, cracks can be detected on average about 13 seconds 
earlier than with visual observation. 

e The crack detection time increases with the distance between the observer and the crack. 

* The observed density (m7/s) considering the distance from the crack to the observer can be 
expressed as S/(1.0L+50) using the area of the tunnel face to be observed (S m°) and the 
distance from the observer to the crack (L m). 

e The observed density of this system installed 10 m behind the tunnel face is 13.1 m/s, 
which is about 11 times the visual observing density (1.2 m7/s) at an average distance of 
10.5 m from the observer to the crack. 

e With the introduction of this system, the crack detection time can be reduced by up to 
approximately 16 seconds when the distance between the observer and the crack is 10.5 m. 


REFERENCES 


Uke, S. et al. 2022. Development of AI Crack Detection System for Alert against Tunnel Face Collapse. 
ITA-AITES World Tunnel Congress. 

Mizuchi, Y. & Inamura, T. 2018. Difference evaluation of daily-life activities in physical and immersive 
VR environments. The 32nd Annual Conference of the Japanese Society for Artificial Intelligence. 

Yokoi, A & Saito, M. 2013. A Study of Evaluation on Psychological Effect of Virtual Reality in 
a Residential Environment. Japan’s Journal of Environmental Engineering. 

Takahashi, N et al. 2021. Evaluation of the difference of human behavior between VR and Real environ- 
ments in searching and manipulating objects. JSME Conference on Robotics and Mechatronics. 


3105 


Expanding Underground. Knowledge and Passion to Make a Positive Impact 
on the World —- Anagnostou, Benardos & Marinos (Eds) 

© 2023 The Author(s), ISBN 978-1-003-34803-0 

Open Access: www.taylorfrancis.com, CC BY-NC-ND 4.0 license 


Well-being at work for tunnel construction workers in Japan - 
Quantitative evaluation using behavior-based safety 


Rieko Hojo 

Nagaoka University of Technology, Niigata, Japan 

National Institute of Occupational Safety and Health (JNIOSH), Japan 

Safety and ANSHIN Technical Research Center (SATEC), GOP Company, Ltd 


Ryohei Hase, Dohta Awaji & Yasuji Mihara 


Shimizu corporation, Tokyo, Japan 


Shoken Shimizu 
Safety and ANSHIN Technical Research Center (SATEC), GOP Company, Ltd, National Institute of 
Occupational Safety and Health (JNIOSH), Japan 


ABSTRACT: Well-being described as a further goal after SDGs, is gradually spread out the 
many worksites. Parallelly advanced technologies has been started to be introduced into tunnel 
construction sites. Although it is expected that productivity and safety of tunnel workers are 
supported by such technologies, whether tunnel workers feel well-being by introduction of tech- 
nologies has never been examined. In Psychology there are two kinds of well-being, Subjective 
Well-Being (SWB) and Psychological Well-Being (PWB). SWB is an overarching ideology that 
encompasses such things as “high levels of pleasant emotions and moods, low levels of negative 
emotions and moods, and high life-satisfaction.” SWB is one definition of happiness. We 
assumed that SWB involves the feeling of safety and ANSHIN of workers at work. On the other 
hand, the idea of PWB, Carol Ryff established in the same year consists of six factors, which are 
positive relationships with others, personal mastery, autonomy, a feeling of purpose and mean- 
ing in life, and personal growth and development, which consists of happiness of people. Psycho- 
logical well-being is attained by achieving a state of balance affected by both challenging and 
rewarding life events. It is hypothesized that PWB expresses worthwhile of worker at work. Usu- 
ally both WBs are used to ask general people with questionnaires for happiness with long-span. 
It has been said that WB is hardly changed for short time. There is no questionnaire or examin- 
ations to measure WB at work for workers. Our final goal is establishment of methodology to 
measure WB of workers at work including tunnel workers. As the first step, we compared the 
results of well-being between tunnel worker of a major construction company and tunnel miners 
using existing questionnaires. We examined and checked if WB of workers changed with short 
span. We found that well-being was quite different between two kinds of tunnel workers. 


1 INTRODUCTION 


Due to recent trends such as the SDGs, “well-being” is now one of the keywords that is 
attracting worldwide attention. Because it is closely related to people’s work attitudes and 
organizational management, it can be said that it is important for people involved in corpor- 
ate management to know well-being. The definition of well-being is defined in the preamble to 
the WHO Constitution: “Health is not the absence of disease or infirmity, but a state of com- 
plete physical, mental and social well-being. “Being in a state of being made” is often quoted. 
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If we translate this into a company, it can be said that “employees are satisfied physically, 
mentally, and socially.” In recent years, the idea that creating such an environment should 
strengthen organizational strength and improve performance and motivation has been 
emphasized. 

According to Diener (1984) and Ryff (1989), it is assumed that there are two types of well- 
being. One is the “subjective well-being”, which is the happiness by the achievement of 
hedonic pleasure indicated by the correlation of concentration and frequency of emotions. 
Another one is so-called “psychological well-being” that aims to achieve individual goals and 
goals by maximizing one’s own abilities. Interpreting this as a field of occupational safety, in 
addition to attempts to reduce the risk of occupational accidents (defined as a function of 
“harm severity and frequency”), workers should be more comfortable and happier while 
working. From now on, it will be the responsibility of the corporate management to establish 
a work environment where worker can feel well-being and to take measures to enhance these 
two well-beings. In addition, some procedure is needed to evaluate the reliability and the val- 
idation of the measures. 

Therefore, in this project, we aim to establish well-being scale specific to workers during 
working based on the scales of subjective well-being (SWB) and psychological well-being 
(PWB) established by Diener and Ryff, respectively. Both indicators were created for general 
public asking about the well-being of life over a relatively long period of time. There are not 
reported about well-being at work for workers during working because such scale(s) has not 
been established so far. Specialist about Well-being reported that well-being changed by 
short-term such as working time has never investigated relatively short-term. However, if 
there are items that change even in a short time, it may be possible to search for a more com- 
fortable and re-warding work environment, starting from a healthy worker. Especially, it is 
possible that well-being of worker would be changed if the working style is changed by ICT or 
AI introduction to work area. 

In Japan, most of the mountain tunnel construction is done with the following structure. 
A major construction company manage the overall work at a tunnel construction site. At 
tunnel face site, a subcontractor company undertakes all work from the major construction 
company. Work on the tunnel face includes charging, blasting, mucking, erecting shoring, 
installing rock bolts, spraying concrete, operating heavy machinery, etc. In Japan, 5 to 6 
tunnel workers (tunnel miner) do all of these face work. They, called multi-skilled workers, 
have many licenses and skills, and are belonged to the sub construction company. Therefore, 
at one mountain tunnel construction site, employees of major construction companies and 
tunnel workers are working together. The goal of all workers in tunnel construction site is to 
get the tunnel through. However, almost no research has been conducted on the safety, secur- 
ity, and satisfaction of working in mountain tunnels, which is one of the most demanding and 
important jobs. Also, although the goal is the same and the work site is the same, it has not 
been investigated at all whether there is a difference in well-being of workers of the major con- 
struction and the sub construction companies. 

We believe that it is important to clarify the tunnel workers’ thoughts on their work in 
order to solve the aging population and the difficulty of handing down outstanding skills. 

We examined effect of relatively short-term intervention and changes of well-being for 
short-term using two scales as a preliminary study. 


2 MATERIALS AND METHODS 


2.1 Study groups 


We examined effect of relatively short-term intervention and changes of well-being for short- 
term us-ing two scales as a preliminary study. We compared workers working at a mountain 
tunnel construction site assigned to this experiment. They answered their well-being with two 
different well-being questionnaires, one was the scale of SWB and another was about PWB. 
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We examined whether the above-mentioned two well-being scales were different between two 
different groups in the same worksite of the tunnel construction. One group was 8 members, 
belonging to a major construction company. Their work histories were 4-17 years, range of age 
was 20-50s, high school and college graduated. Another group was tunnellers, a small independ- 
ent group specializing in tunneling, with 5-25 years of work experience and a high school gradu- 
ated. The number of people was 6 people; the age group was 20-50 years old. They do not 
belong to the company and work while moving to the location of the tunnel construction site. 
All members in these two groups were working at the same tunnel construction site. 


2.2 The scale of the Subjective Well-Being (SWB) 


Below are five statements that you may agree or disagree with. Using the 1 - 7 scale below, 
indicate your agreement with each item by placing the appropriate number on the line preced- 
ing that item. Please be open and honest in your responding. 


7 - Strongly agree 

6 - Agree 

5 - Slightly agree 

4 - Neither agree nor disagree 
3 - Slightly disagree 

2 - Disagree 

1 - Strongly disagree 


The questions were the following: 

Question a. In most ways my life is close to my ideal. 

Question b. The conditions of my life are excellent. 

Question c. I am satisfied with my life. 

Question d. So far, I have gotten the important things I want in life. 
Question e. If I could live my life over, I would change almost nothing. 


2.3 The scale of the Psychological Well-Being (PWB) 


The PWB scale was designed to particularly assess 6 sub-scales, which are Autonomy (AU), 
Positive relationship with others (PR), Environmental mastery (EM), Personal Growth (PG), 
Purpose in life (PL) and Self-acceptance (SA). Circle one response below each statement to 
indicate how much you agree or disagree. 


° Strongly agree 

e Somewhat agree 

e A little agree 

e Neither agree nor disagree 

e A little disagree Somewhat disagree 
° Strongly disagree 


The statements were the following: 


. I like most parts of my personality. 

. When I look at the story of my life, I am pleased with how things have turned out so far. 
. Some people wander aimlessly through life, but I am not one of them. 

. The demands of everyday life often get me down. 

. In many ways I feel disappointed about my achievements in life. 

. Maintaining close relationships has been difficult and frustrating for me. 

. I live life one day at a time and don’t really think about the future. 

. In general, I feel I am in charge of the situation in which I live. 

. I am good at managing the responsibilities of daily life. 

. I sometimes feel as if Pve done all there is to do in life. 

. For me, life has been a continuous process of learning, changing, and growth. 


FOU ANNMNBRWNe 


ao 


3108 


12. I think it is important to have new experiences that challenge how I think about myself 
and the world. 

13. People would describe me as a giving person, willing to share my time with others. 

14. I gave up trying to make big improvements or changes in my life a long time ago. 

15. I tend to be influenced by people with strong opinions. 

16. I have not experienced many warm and trusting relationships with others. 

17. I have confidence in my own opinions, even if they are different from the way most other 
people think. 

18. I judge myself by what I think is important, not by the values of what others think is 
important. 


2.4 Statistical analysis 


As for SWB, we calculated the total score and standard deviation of questions a) to e) as per the 
default evaluation used for SWB, and confirmed the difference between major construction com- 
panies and sub-construction companies by t-test. For PWB, six subscales (three questions each) 
related to autonomy, environmental mastery, self-growth, purpose in life, positive relationships 
with others, and self-acceptance were aggregated. After that, each score of subscales of major con- 
struction companies and sub-construction companies were evaluated by a t-test. The level of sig- 
nificance was set as p<0.05. 


3 RESULTS AND DISCUSSION 


Table 1 shows the results of the Subjective Well-being (SWB) and Psychological Well-being 
(PWB) of both the major construction company employee and tunnel miner. 

There was no significant difference in SWB between two groups. In addition, there was also 
no difference between before and after the other experiment (data not shown). These results 
indicate that their safety, reliability and comfortability at work was relatively the same. Elem- 
ents of the SWB score can be understood as subjective feeling of safety and security of workers 
in the workplace. At this tunnel construction site, the safety management system of a major 
construction company was thorough, so it can be interpreted that there was no difference in 
SWB between members of either group. Also this interpretation can be inferred from that their 
total scores of SWB (20.0) showed higher than average score of general people (17.5) in japan. 

The implication of these results is that both groups are relatively satisfied with their work- 
places in terms of safety and security. In fact, this general contractor is very large even in 
Japan, and is said to be a company with a high awareness of safety. Even looking at the 
tunnel construction site, you can see that safety measures are very carefully considered and 
implemented. Under these circumstances, it is speculated that their SWB scores were high and 
they showed similar scores as workers working in the same workplace. 


Table 1. Subjective Well-being (SWB) and Psychological Well-being (PWB) of both General contractor 
employee and tunnel miner. 


Well-being Scores 


Workers in major Construction Tunnel miners of sub construction 
eorcegieorog Ea a a te aaa 
SWB 8 22.0 15.0 200 40 6 24.0 16.0 20.0 3.6 0.500 
PWB Autonomy 8 14.0 9.0 11.6 19 6 140 10.0 11.7 1.5 0.483 
Environmental mastery 8 18.0 10.0 12.8 3.0 6 16.0 11.0 12.2 1.9 0.342 
Personal growth 8 19.0 12.0 15.8 2.5 6 20.0 12.0 13.5 3.2 0.082 * 
Purpose in Life 8 19.0 12.0 15.1 27 6 210 12.0 145 3.4 0.355 
Positive relationship with others 8 17.0 9.0 13.3 3.2 6 13.0 11.0 11.7 0.8 0.135 
Selfacceptance 8 14.0 11.0 131 18 6 120 10.0 11.7 08 0.046 ++ 


*: p <0.1, **: P<0.05 
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Table 1 also shows the result of PWB. Unlike the SWB results, general contractors and 
tunnel workers had different PWB scores on each of the six subscales. Table 1 also shows the 
result of PWB. Unlike the SWB results, general contractors and tunnel workers had different 
PWB scores on each of the six subscales. General contractors scored higher than tunnel 
miners on self-acceptance (p<0.05), showed higher tendency in personal growth (p<0.1). 

Most interestingly, the two groups showed similar scores in SWB but not PWB. SWB can 
be controlled by others not workers themselves. On the other hand, PWB can be satisfied by 
themselves or their action. Both members in two groups could be controlled by their employ- 
ers in the work site, but authority of construction could be different between them. 

Higher self-acceptance in workers in major construction company indicate that they accept 
their work in the present. Also, they may try to be grown from their work. On the other hand, 
there may not be a factor in the workplace that satisfies the tunnel miners’ PWB. 

These results indicate that both groups work in the same workplace but have different goals 
for well-being. 

In the future, we plan to build a more sensitive scale in consideration of work styles and 
backgrounds of workers and conduct similar verifications for other occupations to see if there 
are any differences depending on the occupation. From the area of occupational safety, we 
believe that it is necessary to establish measures not only to reduce negative risks such as occu- 
pational accidents, but also to aim for a work site that is happier or self-fulfilling. 
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ABSTRACT: Shield tunnel is a typical linear structure with extreme dimension scale in lon- 
gitudinal direction and assembled by several segments, which is prone to differential settle- 
ment due to the disturbance of adjacent construction, which will endanger the safety of tunnel 
operation. At present, soil grouting is mainly used for settlement control in practice. However, 
grouting parameters always rely on engineer experiences. It is necessary to analyze the influ- 
ence of grouting parameters on the effect of grouting lifting. In this study, a finite difference 
numerical simulation method is employed for analyzing the grouting impact at the shield 
tunnel. The influence of typical grouting parameters including the grouting volume and grout- 
ing range on tunnel settlement control was analyzed in more detail. Simulation results demon- 
strate that grouting can effectively recover the differential settlement of tunnel lining, and the 
selected grouting parameters have significant effects. 


Keywords: Shield tunnel, Longitudinal differential settlement, Numerical simulation, Grout- 
ing parameters 


1 INTRODUCTION 


Shield tunnel has been widely used in urban underground transportation construction in 
recent decades, especially in soft clay deposits (Chen, 2020). Due to the poor ground proper- 
ties and the constructed characteristics of segmental lining, shield tunnel faces high risks of 
longitudinal differential settlement (Zhang et al., 2019b, Zhai et al., 2020). Meanwhile, exces- 
sive settlement would cause a series of structural diseases, such as the opening of the tunnel 
joints, yielding of the bolts, tunnel leakage and so on (Zhan et al., 2019, Liu, 2014). For 
example, Shanghai Metro Line 2 had obvious settlement and horizontal convergence deform- 
ation caused by the surcharge load of disposed soil placed on the ground, and bolts failure 
and linings breakage had been observed in some sections (Zhang et al., 2021a, Zhang et al., 
2021b). Hence, the longitudinal settlement and other structural defects affect each other, and 
there will be multiple risks if not treated in time (He et al., 2015). Therefore, tunnel settlement 
is of great concern regarding the safety of shield tunnel operation. 

At present, the commonly used method in the treatment of tunnel longitudinal differential 
settlement is soil grouting. Through the interaction between grout and soil, grouting can 
enhance the resistance of surrounding soil and improving the properties of soil (Zhang et al., 
2019a). Not only can it prevent the further deterioration of tunnel deformation, but also 
recover the existing large deformation of tunnel. Grouting technique for tunnel settlement 
treatment has been successfully applied in dozens of engineering cases in Shanghai and other 
soft soil areas (Zhang et al., 2018). However, the selection of grouting parameters is limited 
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due to the lack of knowledge about the settlement recovery mechanisms, and mostly relies on 
engineer experiences. 

Numerical model is widely used to simulate grouting effect and analyze the deformation 
response of structure. Besides, compared with test and case study, numerical analysis can 
change the conditions more conveniently and quickly, which is helpful to find the influence of 
different parameters. Therefore, this paper conducts a finite difference numerical model to simu- 
late the grouting effect on tunnel settlement recovery, and investigate the influence of grouting 
parameters on tunnel deformation based on the calculation results. It can provide references for 
the selection of grouting volume and grouting range in tunnel settlement recovery process. 


2 FINITE DIFFERENCE NUMERICAL SIMULATION METHOD 


2.1 Numerical modeling 


To investigate the influence of grouting parameters on tunnel settlement, a three-dimensional 
finite difference analysis is conducted based on a typical real case. A numerical grid mesh in 
FLAC 3D is illustrated in Figure 1 with the three dimensions of 60 m x 48 m x 40 m (i.e. width 
x length x height). As for boundary conditions, the bottom of the mesh is fixed in X-direction 
and Y-direction, and the ground surface is set to be free. The hardening soil model (H-S) is used 
in this study, which has been widely used to characterize the clays in numerical simulations 
(Finno and Calvello, 2005). The soil parameters are taken according to the actual engineering 
situation and the experimental studies (Liang et al., 2017), as shown in Table 1. 

A shield tunnel locates in the soil with an outer diameter of tunnel lining of 6.6 m and 
a segment wall thickness of 0.35 m. The cover depth of the tunnel is 11.4 m, which is the same 
as that of the tunnel in the typical case. The width of a ring is 1.2 m, and 40 lining rings are 
modeled in the longitudinal direction. As for a typical longitudinal structure, the circumferen- 
tial joint between two rings is the weakest part and plays a dominant role in tunnel deform- 
ation. The circumferential joint is simulated as the interface elements. The normal stiffness k,, 
and shear stiffness k, are employed to simulate the normal and tangential behavior of joints. 
The k, is set to be 2.25x10° Pa/m according to the relevant literature (Zhang, 2009). the 
normal stiffness k,, is determined by: 


ky = EAy/AL (1) 


where F is the Young’s modulus of the specific material. For example, one M30 steel bolts has 
a length of 0.4 m and Ay 7.1 x 10^ m?, the characteristic area in model is 3.6 x 107 m?, then 


Y (Ymax = 48 m) 


X (Xmax = 60 m) 


Figure 1. Schematic of the finite difference numerical model. 
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the k,, calculated by Equation 1 is 9.8 GPa/m. The concrete segments are modeled by solid 
elements with linear elastic model, and the parameters are shown in Table 2. 


Table 1. Parameters of soil mechanics. 


Parameter Value 
Unit weight y 1900 kN/m? 
Possion’s ratio v 0.34 
Cohesion c’ 20 kPa 
Friction angle g’ 26.7 ° 
Failure ratio Ry 0.9 
Compression modulus Es1-2 5.4 MPa 
Secant modulus for primary triaxial loading Eg 5.4 MPa 
Secant modulus for unloading and reloading ES 27.0 MPa 
Tangent modulus for oedometric loading Ee I 5.4 MPa 

Table 2. Parameters of concrete segments. 

Parameter y (kg/m?) E (MPa) v 

Lining 2500 35495 0.167 


2.2 Grouting simulation 


According to the typical engineering case, the grouted area of each hole is a cylinder with 
a diameter of 1.2 m, and the height is 2 m (i.e. from 0.2 m to 2.2 m below the tunnel invert). In 
this model, the grouted area is simplified to a volume-equivalent cuboid with the 2 m height. 
The interaction behavior between grout and soil is simplified by the volumetric expansion of 
the soil column (Zhang et al., 2019a). In the grouting numerical simulation, the grouted area 
is set as target element. The total volumetric expansion rate Ae,” is prescribed in advance, 
which is defined as follows: 


Ae,’ = Vin / Vo (1) 


where Vj is the volume of grout injected into soil, and Vo is the initial volume of the target 
grouted area. The grouting with a low and constant pressure is simulated by applying a small 
internal pressure to each target element, as shown in Figure 2. The 4e, would increase as the 
calculation proceeds until each element reaches the prescribed value of 4e,’. The flow chart is 
shown in Figure 3. 


Figure 2. Schematic of the simulation of grouting. 
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Figure 3. Flow chart of volumetric expansion of grouted area. 


2.3 Validation of the finite difference numerical model 


To validate the finite difference numerical model, the calculation results were compared with 
the in-situ monitoring data. The reduction of settlement after the grouting construction are 
plotted in Figure 4. The grouting parameters are set the same as the case, the longitudinal 
grouting range is 12 rings and the height of the grouting body is 2 m. The solid line represents 
the numerical results of settlement reduction after the grouting, and the solid point represents 
the monitoring data. It can be seen that both the maximum value and the variation trend are 
similar. The maximum of settlement reduction occurs at the central lining ring of grouting 
range, and the settlement reduction decreases from the center to both sides. The results of the 
monitoring data that near the boundary are lager than calculation results due to the model 
only has 40 rings in the longitudinal direction. 


= Numerical simulation 
* Insite Monitoring 


a: j m 


Reduction of settlement (mm) 
ae 


Ring. No 


Figure 4. The reduction of tunnel settlement of numerical calculation and in-site measurement. 
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3 PARAMETRIC ANALYSIS 


To investigate the influence of grouting parameters on settlement, different grouting volume, 
the number of longitudinal grouting rings and the height of grouting body are set to compare 
the change of settlement deformation of the tunnel. The reduction of settlement and the full 
width at half maximum (FWHM) are employed as the indicator to evaluate the influence of 
grouting to tunnel longitudinal settlement recovery. 


3.1 Effect of the grouting volume on tunnel settlement recovery 


Figure 5a shows the reduction of settlement after grouting at various levels of grouting 
volume (4e, = 25 %, 30 %, 35 %, 40 %, 45 %) for the number of longitudinal grouting range is 
6 rings and the height of grouting body is 1 m. Figure 5b plots the variation trend of the max- 
imum reduction of settlement and FWHM. It can be seen that the maximum reduction of 
settlement increases linearly with the grouting volume, and the settlement reduced by about 
2 mm by 5% increase in 4e,. FWHM is the width at half of the peak height of the curve, which 
can reflect the influence range of grouting to tunnel. From Figure 5b, the change of FWHM is 
small under different levels of grouting volume, which means that increasing the grouting 
volume can obviously recover the settlement of target reinforcement lining rings, but the influ- 
ence range of grouting is basically unchanged. 
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Figure 5. Tunnel longitudinal settlement recovery at different grouting volumes: (a) reduction of settle- 
ment; (b) the maximum variation of settlement and FWHM. 


3.2 Effect of grouting range change on tunnel settlement recovery 


Changing the grouting range can be considered from two aspects: increasing the number of 
longitudinal grouting rings or the height of grouting body. 

Figure 6a plots the reduction of settlement after grouting of every ring at various levels of 
longitudinal grouting rings (L= 6, 12 and 18 rings) for grouting volume is 25% and the height 
of grouting body is 1 m. The reduction of maximum settlement and FWHM are plotted in 
Figure 6b. With the increase of longitudinal grouting lining rings, the tunnel settlement recov- 
eries obviously. And the trends of the settlement reduction and FWHM along the number of 
longitudinal rings are both in a linear form. For each increase of 6 rings, the maximum settle- 
ment recovers by about 3 mm, and FWHM increases by about 3 rings. 

Figure 7a shows the reduction of settlement after grouting at various levels of the height of 
grouting body (H = 1 m, 2 m, 3 m and 4 m) for grouting volume is 25% and the longitudinal 
grouting range is 6 rings. With the increase of the height of grouting body, the tunnel 
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Figure 6. Tunnel longitudinal settlement recovery at different number of longitudinal grouting rings: 
(a) reduction of settlement; (b) the maximum variation of settlement and FWHM. 


settlement gradually reduces, but the settlement recovery rate decreases, which is more obvi- 
ous in Figure 7b. When the height of grouting body increases by 1 m, the maximum settlement 
reduction is about 6 mm, 5 mm, and | mm, which means that the settlement recovery effi- 
ciency decreases under the same grouting volume. Meanwhile, FWHM of the settlement 
recovery deceases with the increasing of the height of grouting body. 
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Figure 7. Tunnel longitudinal deformation at different height of grouting body: (a) reduction of settle- 
ment; (b) the maximum variation of settlement and FWHM. 


By increasing the number of longitudinal grouting rings and the height of grouting body to 
change the grouting range, the recovery degree of tunnel settlement is different. If the grouting 
efficiency is defined as the ratio of the settlement recovery area to the grouting area (as shown 
in Figure 8a), it can be seen that before the height of the grouting body reaches 3 m, the settle- 
ment recovery area under the two methods is close. From Figure 8b, after the height of the 
grouting body reaches 3 m, the settlement area recovered by increasing the number of longitu- 
dinal rings under the same grouting range is larger. 
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Figure 8. Tunnel longitudinal settlement recovery: (a) the area of grouting and settlement; (b) the area 
of settlement recovery under different ways of changing grouting range. 


4 CONCLUSION 


This paper analyzes the grouting impact at the tunnel longitudinal settlement using the finite 
difference numerical simulation. The numerical calculation has been compared with the in- 
situ monitoring data to demonstrate its effectiveness. The longitudinal settlement and full 
width at maximum are employed to evaluate the grouting effect and range. The influence of 
grouting volume, the number of longitudinal grouting rings and the height of grouting body 
on the recovery of settlement has been analyzed systematically. The main conclusions are 
shown as follows: 


(1) As the important parameter in the construction, grouting volume directly affects the settle- 
ment of tunnel. The settlement of tunnel varies linearly with grouting volume, but the 
influence range of grouting is basically unchanged. 

(2) The influence of different grouting range on tunnel longitudinal settlement is different. 
When the number of longitudinal grouting rings increases, both the tunnel settlement 
reduction and grouting influence range increase. When the height of grouting body 
increases, the tunnel settlement recovers, but the recovery rate and grouting influence 
range decrease. Under the same grouting area, increasing the number of longitudinal 
grouting rings is more appropriate than increasing the grouting depth. 


It should be noted that the calculation results are based on the numerical model, which 
adopted the “internal pressure” method to simulate the grouting. The actual grouting process 
is more complex and the soil is multiple, the characterization of grouting process and soil 
properties still need more appropriate method. 
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ABSTRACT: Tunnels are crucial lifeline components in the mega cities. This work studies 
the direct seismic cost of metro tunnels subjected to earthquake events. The degree of tunnel 
damage and the corresponding direct seismic loss is derived considering various tunnel burial 
depths. The developed framework is then applied in the metro tunnels located in Shanghai 
city, China. Specifically, the direct seismic loss of one tunnel ring and the whole Metro Line 
10 under different hazard scenario is estimated. Results highlight the significant function of 
tunnel buried depths towards more efficient seismic loss assessment. The findings of this study 
constitute useful elements in seismic loss management in terms of lifeline resilience. 


Keywords: circular tunnels, seismic vulnerability, cost, infrastructure 


1 INTRODUCTION 


Tunnels are essential parts of the city’s lifeline system, and have high vulnerability to seismic 
hazards. As a result, they frequently have detrimental effects on society and the economy, 
including hampered emergency response, potential casualties, and societal and economic losses 
(Hashash et al., 2001). Examples include the mountain tunnels that collapsed after the 2008 
Wenchuan earthquake in China (Wang et al., 2009) and the Daikai subway station that col- 
lapsed during the 1995 Kobe earthquake in Japan (lida et al., 1996). Since the 1990s, tunnel 
seismic safety has become a significant issue in earthquake-prone regions. In addition, traffic 
operations and public safety may be impacted by tunnel damage from an earthquake. The time 
and money needed to repair even slight or moderate damage to tunnels brought on by seismic 
hazards can ultimately have a detrimental effect on society and the economy. In order to make 
cities more robust to extreme occurrences like earthquakes, it is crucial to comprehend the vul- 
nerability of vital infrastructures and characterize their resilience. In order to prioritize correct- 
ive efforts to increase the resilience of cities, it is crucial to estimate the loss of subway systems. 
A series of loss assessment procedures have been developed for surface buildings (Shoraka 
et al., 2013), various bridge structures (Ghosh and Padgett, 2011), and other important infra- 
structure (Shahnazaryan et al., 2022). However, the work related to the probabilistic seismic loss 
assessment of metro tunnels (Selva et al., 2013; Cartes et al., 2021) are quite limited in the 
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literature.. However, the available work have not sufficiently investigated the potential impact of 
tunnel depths on seismic loss analysis. Thus, this is a significant capability gap that needs to be 
addressed and further researched to enable integrated damage and risk assessment of tunnels. 

The objective of this work is to study the direct seismic losses of circular tunnels as sub- 
jected to earthquake events. To this end, a practical approach for estimating the seismic losses 
of circular tunnels is proposed and applied to individual tunnel segments and to tunnel elem- 
ents representative of Shanghai Metro Line 10, considering various degrees of seismic inten- 
sities. The results of this work are useful to engineers and city infrastructure operators 
involved in resilience-based management of crucial facilities. 


2 PROBABILISTIC SEISMIC LOSS ASSESSMENT FRAMEWORK 


The paradigm for probabilistic seismic loss assessment of tunnels presented in this paper is 
shown in Figure 1. There are three typical steps in the framework: (1) Seismic hazard assess- 
ment, which could be carried out using existing hazard curves for the studied tunnel site. (2) 
Seismic vulnerability assessment, which indicates the state of seismic damage in the tunnel for 
various degrees of seismic intensity. (3) Seismic loss assessment, which entails calculating 
expected mean seismic damage for the studied tunnels. It should be emphasized that the study’s 
definition of the seismic direct economic loss, which is defined as a percentage of the damaged 
tunnel element’s original construction cost, relates to the cost of repairs made after an earth- 
quake occurrence. The following sections provide more information on these three steps. 
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Figure 1. Procedure to evaluate the seismic loss of tunnels. 


2.1 Seismic hazard assessment 


Seismic hazard is represented here in terms of so-called seismic hazard curves. Remember that 
the annual exceedance frequency as a function of a seismic ZM is plotted on the seismic hazard 
curves (e.g., peak ground acceleration PGA). The main objective of this analysis is to define 
the corresponding seismic hazard scenarios for a tunnel site, which can subsequently be util- 
ized to assess the anticipated losses of the investigated tunnel for these given scenarios (steps 
b and c). 


2.2 Seismic vulnerability assessment 


Fragility functions, which can be generated from expert opinion, empirical techniques, and 
numerical approaches, can be used to evaluate the seismic vulnerability of structures (in this 
example, tunnels). The conditional likelihood that a structure would sustain damage equal to 
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or greater than a specific level under a given seismic load JM is provided by fragility functions. 
In the majority of research, fragility functions for tunnels have been represented as fragility 
curves using a lognormal prob-ability distribution: 


In(IM) — In(IMmi) 


P\ds > ds;|IM] = ¢| 7 


] (1) 


where P[-] is the conditional probability of exceeding a damaged state (ds) under a specific 
IM; ®(-) is distribution function; IM; is the median value of IM corresponding to the in ds, 
and Pror is the standard deviation, indicating the uncertainties from fragility analysis. The fra- 
gility curves are usually derived for minor (ds,), moderate (ds), and extensive (ds3) damage. 
The punctual probability w; for each damage state (ds;) can be derived based on the corres- 
ponding fragility curves. 


2.3 Seismic loss assessment 


The potential damage states of the tunnels under consideration based on fragility functions 
and the associated repair costs for each damage state (ds) under various levels of seismic load- 
ing IM could be used to estimate the seismic losses of infrastructures. Based on existing data 
from repairs of comparable structures in previous earthquakes or expert judgment, the repair 
costs for each damage stage can be estimated. A tunnel repair model (Table 1) was proposed 
by Werner et al. (2006) based on data gathered in the state of California. This model is based 
on the mean loss ratio (LR), which is defined as the proportion of the cost of repairs to the 
cost of the tunnel element’s initial construction (ZCC) for each damage state (ds;). According 
to Werner et al., the equivalent LR; in this study for no damage, minor damage, moderate 
damage, and significant damage are considered to be 0, 0.10, 0.25, and 0.75, respectively. 


Table 1. Tunnel damage condition definitions and related loss ratio (Werner et al., 2006). 


Damage states (ds) Descriptions Loss ratio (LR) 
None damage, dso No cracking of the lining 0.00 
Minor damage, ds, Minor cracking of the lining 0.10 
Moderate damage, ds Moderate cracking of the lining 0.25 
Extensive damage, ds3 Extensive cracking of the lining 0.75 


In general, the length, the initial construction cost (ICC) of a single tunnel segment (per 
unit length), as well as the LR described above for different damage states ds; may be used to 
estimate the projected cost to repair a specific damaged tunnel element under a specific 
damage condition, as shown below: 


Ci = 1CC-LR;-n (2) 


where n is the length of the analyzed tunnel element, index I denotes the in damage state, C; 
denotes the estimated cost under that damage state, and LR; denotes the corresponding loss 
ratio in fixing that damage state. The beginning construction cost is set at 1,000,000 CNY for 
this work’s examination of a typical circular tunnel liner with a longitudinal length of 
1 m built using the shield tunneling method. 

A random variable is the damage condition of a structure for a specific level of IM. As 
a result, it is important to use a sample of damage states for the tunnel part under examination 
when introducing a stochastic analysis, such as a Monte Carlo (MC) stochastic simulation (by 
Equations 3-5). A sample of the anticipated cost C; can be generated using this process. The 
steps that make up the Monte Carlo stochastic simulation are as follows: (i) The analyzed 
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tunnel element’s w; is compared to a random number between 0 and | to determine a specific 
damage state 7. (11) Based on the created random damage scenario for each MC realization, 
the seismic loss of the entire analyzed tunnel system is calculated by summing the estimated 
cost C; for each tunnel element, as shown below, assuming that the examined tunnel comprises 
k elements. 


k 
l=% Ci (3) 
k=1 

For a particular level of JM=im, a large sample of potential total losses can be acquired by 
running the MC simulation for numerous trials, such as 10,000 times or more. As a result, the 
following formula can be used to determine the exceedance probability P/ of seismic loss for 
a given level of JM=im: 


Pl(im, w) = p(l> x|im, w) (4) 


where w is the punctual probability that accounts for the effect of the examined structure’s 
seismic vulnerability. Based on the description above, the seismic hazard level and the chosen 
fragility functions may be used to calculate the exceedance probability Pl. 

The expected mean seismic loss Lm, which is determined using Equation 5 (assuming that 
the analyzed tunnel contains k elements), is adopted in this work as an extra loss measure of 
the examined tunnel systems in addition to the exceedance probability P/ of seismic loss: 


k 4 
Lm(im, w) = ` > Ch ew; (5) 


where k stands for the total number of tunnel elements, Cc represents the estimated cost to 
repair a specific tunnel element under a specific damage state ds; and w; stands for the punc- 
tual probability of each damage state (ds;). 


3 SEISMIC LOSSESS ASSESSMENT OF TUNNELS 


The next sections look at representative circular tunnels’ seismic losses under various seismic 
conditions. Two case studies are included in this analysis: a generic single tunnel lining section 
with a unit length and the Shanghai Metro Line 10. 


3.1 Description of the adopted fragility functions 


This study made use of a set of fragility curves created by the authors in earlier research to 
examine the impacts of tunnel burial depth on tunnel seismic loss calculations (Huang et al., 
2020). In Figure 2, these fragility curves are displayed. Table 2 provides a summary of the 
parameters needed to plot the fragility curves, including the median values of IM for minor, 
moderate, and extensive damage, as well as the total standard deviation prot- 


3.2 Seismic loss assessment of a single tunnel segment 


The seismic loss assessment framework is initially implemented on a single tunnel lining seg- 
ment with a unit length taking into consideration various soil-tunnel configurations by adopt- 
ing the fragility curves specified in Table 2 and the tunnel repair model of Table 1. Regarding 
the soil-tunnel configurations examined by Huang et al. (2020), the assessment made here 
applies to the tunnel segments matching to those configurations. As an example, a tunnel 
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Table 2. Parameters of the adopted fragility curves in this study (Huang et al., 2020). 
Tunnel typology Minor IM; (g) Moderate IM (g) Extensive IM3 (g) — tot 


Shallow tunnel, burial depth A =9 m, 


diameter d= 6.2 m 0.350 0.604 0.968 0.533 
Moderately deep tunnel, burial 

depth h =20 m, diameter d=6.2m 047 0.836 1.491 0.580 
Deep tunnel, burial depth A =30 m, 0.635 1.231 sai jg 


diameter d= 6.2 m 


Shallow tunnel Moderately deep tunnel Deep tunnel 


Soil class D 


Probability of dama; 


i A 
04 08 12 1€ 
PGA(g) 


Figure 2. Fragility curves of tunnels: with different buried depths developed by Huang et al. (2020). 


segment implanted at various burial depths of soil class D is employed, along with the 
researchers’ proposed fragility curves, as shown in Figure 2. 

Figure 3 displays the tunnels under examination’s seismic losses exceedance likelihood. For 
all of the analyzed burial depths, it is discovered that the exceedance probability PI falls as the 
seismic losses rise. Additionally, when the seismic danger level rises, the likelihood that 
a certain threshold of seismic damage will be exceeded increases. The possibility of the tunnel 
under examination exceeding a specific level of seismic risk and seismic loss decreases as the 
tunnel burial depth rises (i.e., from shallow tunnel to deep tunnel). With a PGA of 1.0 g and 
a seismic loss of /=0.6-10° CNY, the exceedance probability of the tunnel is 0.520, 0.247, and 
0.102 for the shallow, moderately deep, and deep tunnels, respectively. The predicted excee- 
dance probability varies by up to 400% for the analyzed tunnels, which are buried at various 
depths. 


Excedaace probability 47 
Excedance probability PI 


Figure 3. Exceedance probability P/ of seismic loss for tunnels with different buried depths. 


The mean seismic loss Lm for the shallow, moderately deep, and deep tunnels are shown in 
turn in Figure 4. Naturally, Lm steadily rises as earthquake intensity increases. For deeper 
tunnels than for shallower ones, mean seismic losses are calculated at lower values. When 
there are greater earthquake intensities (PGA>0.5 g), the changes on Lm are greater. In con- 
trast, the impact of burial depth on the mean seismic loss is less significant for PGA levels up 
to 0.2 g. For the analyzed tunnels with various burial depths, the predicted mean seismic loss 
value, for example, is equal to 0.018-10°, 0.011-10°, and 0.004-10° CNY, respectively, if a PGA 
of 0.2 g. In general, the shallower tunnel case seismic losses Lm are shown to rise, particularly 
for higher seismic intensities (i.e., for PGA > 0.2 g). 
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Figure 4. Expected mean seismic loss Lm for tunnels with different buried depths. 


3.3 Seismic loss assessment of Shanghai Metro line 10 


The paradigm presented in Section 2 is applied to the study of an actual subway system, 
namely Line 10 of the Shanghai Metro, to further assess the seismic losses of subway lines in 
a city. The full length of the investigated subway line is subjected to the methodology. 

The Shanghai Metro Line 10 under consideration was constructed on soft soil, generally 
known as soil class D in accordance with Eurocode 8 (CEN, 2004). Additionally, the tunnel 
linings share the same mechanical characteristics and dimensions as those examined by Huang 
et al. (2020)., with a tunnel diameter of 6.2 m and a lining thickness of 0.35 m. A representa- 
tive map of the Shanghai Metro Line 10 is shown in Figure 5. 
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Figure 5. Examined Shanghai Metro Line 10. 


In Shanghai, the Metro Line 10 was built in 2010. There are 19 stations along the 
17,452 m long, under consideration Metro line, which runs from Hongqiao Road Station to 
Xin-jiangwancheng Station. Figure 5 depicts the 18 tunnel elements that were evaluated, num- 
bered from ®© to @. The tunnels on Line 10 are often categorized as either shallow 
(2,733 m total length), moderately deep (12,464 m total length), or deep (a total length of 
2,255 m). For example, although tunnel elements © and ® are deep tunnels, tunnel elements 
©, ©, and ® belong to shallow tunnels. Additionally, it has been found that the other tunnel 
components are all reasonably deep tunnels. In this context, the following analysis made use 
of the fragility functions for shallow, moderately deep, and deep tunnels created by Huang 
et al. (2020). 

Figure 6 displays the mean seismic loss Lm and the exceedance probability P/ for the metro 
line under consideration. It is discovered that as seismic loss grows, the exceedance probability 
PI would decrease. Additionally, at a given level of seismic losses, the exceedance probability PI 
rises as the magnitude of the seismic hazard does (i.e., as PGA increases from 0.2 g to 1.0 g). 
For the Shanghai Metro Line 10, the corresponding exceedance probability P/ for PGA of 0.2, 
0.6, and 1.0 g is equal to 0.007, 0.286, and 0.626, respectively, assuming a scenario of seismic 
losses /=4-10? CNY. 
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Figure 6. Seismic loss assessment of Shanghai Metro Line 10. 


The mean seismic losses Lm for Shanghai’s Metro Line 10 are shown in Figure 6(b) for differ- 
ent levels of hazard intensity. Lm would logically rise as seismic intensity did. For Shanghai 
Metro Line 10, the mean seismic loss value is equal to 1.203-10? CNY when the PGA is 0.40 g. 
Nevertheless, the mean seismic loss will grow by more than double, or 4.158-10? CNY CNY, 
when a PGA rises to 0.80 g. The aforementioned findings indicate that a powerful earthquake 
occurrence may cause a significant economic loss. 

Furthermore, depending on the burial depth, soil conditions, or lengths of the studied sec- 
tions, the seismic loss estimation for various tunnel segments within the same metro line may 
differ. Figure 7 displays the distribution of the calculated expected mean seismic losses Lin 
along various tunnel components of Shanghai Metro Line 10 using seismic intensity PGA= 0.6 
g as an example. Additionally, it should be noted that Line 10’s tunnel components—which are 
classified as shallow, moderately deep, and deep tunnels, respectively—are all buried in the 
same types of soil. Their tunnel element length and burial depths, as was previously mentioned, 
are the main factors that affect their seismic loss. Furthermore, the findings in Figure 7 show 
that tunnel element © experiences the biggest seismic loss, or 396.03-10° CNY, among other 
reasons because it has the longest tunnel length of 2777 m. However, compared to the other 
tunnel elements, tunnel element ®has the lowest seismic loss, at 61.32:10° CNY. 
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Figure 7. Mean seismic loss Lm of Shanghai Metro Line 10 under a hazard intensity PGA= 0.6g. 


4 CONCLUSION 


This work studied the seismic losses of tunnel under ground shaking. A practical probabilistic 
method for seismic loss assessment of circular tunnels was proposed and demonstrated by the 
case study of single tunnel segment and the Shanghai Metro Line 10, considering different 
degrees of seismic intensities. Some conclusions have been drawn as below: 


(1) The results indicated that the seismic loss of the tunnels decrease as the seismic hazard 
intensity decreases. 

(2) The tunnel with deeper burial depth is found to have a lower direct seismic losses com- 
pared to tunnel embedded in shallower burial depth. Therefore, the tunnel burial depth 
can be used as an effective factor to control the seismic loss. 

(3) The findings of this work can be beneficial to seismic risk mitigation, and further improve 
the resilience of city infrastructure. 
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ABSTRACT: For deformed tunnels, it is necessary to carry out appropriate repair work 
and reinforcement work according to the state of defects and deformation, in order to ensure 
the structural stability of the tunnel and the safety of users. For that purpose, advanced tech- 
nical judgment is required to accurately and reliably grasp the mechanism and factors of the 
defects. In this paper, we focused on the ultrasonic velocity on the lining surface as one of 
the methods for supporting to grasp the condition of the tunnel lining. The relationship 
between the strain and the ultrasonic velocity of the lining surface was examined by the full- 
scale lining loading experiment, and the ultrasonic velocity in the actual tunnel was meas- 
ured. The possibility of estimating the stress state of the lining was also examined based on 
the results. 


1 INTRODUCTION 


The number of road tunnels in service in Japan is increasing year by year, with a current total 
length of about 4,700km and about 10,800 locations As of April 2019, about 60% of the tun- 
nels have been in service for more than 30 years. In some of these tunnels, cracks in the lining 
concrete may occur due to the action of external force after service and deterioration of the 
material develops due to aging. Appropriate repair work and reinforcement work should be 
carried out for tunnels that have undergone defects, depending on the cause of the defects, if 
necessary, in order to ensure the structural stability of the tunnel and the safety of users. How- 
ever, the causes of various defects such as cracks in lining concrete often relate each other 
intricately. Therefore, a high level of technical judgment is required in order to determine the 
mechanism and cause of defects accurately and reliably. 

Therefore, we investigated whether the cracks in the lining concrete are due to external 
force or due to deterioration of the material, focusing on the ultrasonic velocity on the lining 
surface. So far, we have conducted a compression test using a prismatic test piece (150 mm x 
150 mm x 300 mm) and clarified that there is a certain relationship between ultrasonic velocity 
and strain on the concrete surface (Ishimura et al., 2015). In this paper, a full-scale lining load- 
ing experiment and ultrasonic velocity measurements in an actual tunnel were carried out and 
the applicability of the stress state estimation method with the ultrasonic velocity on the lining 
concrete surface is also reported. 


DOI: 10.1201/9781003348030-378 
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2 FULL-SCALE LINING LOADING EXPERIMENT 


2.1 Experimental overview 


The loading experiment was conducted on a full-scale concrete lining with an outer diameter 
of 9.7m and a lining thickness of 30cm, as shown in Photo 1. The change in the ultrasonic 
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Photo 1. Outline of full-scale lining actual load status (In the case of Loading type A). 
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(a) Loading type C (full-circumference loading) (b) Loading type A (loading only on the top) 


Figure 1. Two loading types. 
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Figure 2. Orientation of the strain gauge. 


velocity on the lining surface was grasped at each loading step. Experiments were conducted 
with two different loading types, shown in Figure 1. The specimen can be loaded with 
hydraulic jacks placed at 17 locations at every 10 degree from the outer circumference of the 
semicircular lining concrete. The experiment was performed in the order of Loading type 
C and Loading type A using the same specimen. Loading type C was applied until the strain 
on the lining surface reached about -1000y (minus; compressive strain), and Loading type 
A was applied until the specimen fractured. The experimental conditions under Loading type 
A is also shown in Photo 1. Through the experiments above, the ultrasonic velocity was meas- 
ured in the vicinity of the strain gauges attached to the specified positions on the inner and 
outer surfaces of the lining specimen along the direction of the gauge. A simple ultrasonic vel- 
ocity measuring instrument (UK-1401 by Acoustic Control Systems) with a fixed distance of 
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150 mm between the transmitting and receiving sensors was pressed against the surface of the 
specimen and measured. As shown in Figure 2, the direction of the strain gauge is the circum- 
ferential direction (X-axis) where the main strain occurs, the vertical direction (Y-axis) to the 
X-axis and the direction (Z-axis) is inclined 45° counterclockwise from the X-axis. 

The lining concrete used in the experiment is plain concrete with a nominal strength of 18 
MPa, a slump of 12 cm, and a maximum coarse aggregate size of 40 mm. The lining concrete 
had uni-axial compressive strength of 22.7MPa, elastic modulus E=20.0GPa, Poisson’s ratio 
v=0.149, and density p=2.26g/cm*, respectively. 


2.2 Experimental result 


Figure 3 shows the strain distribution in the principal stress direction (circumferential direc- 
tion (X-axis)) on the inner and outer surfaces of the lining specimen surface under Loading 
type C. 
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Figure 3. Strain distribution in the circumferential direction (X-axis) on the surface of the lining speci- 
men (Loading type C). 
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Figure 4. Strain distribution in the circumferential direction (X-axis) on the surface of the lining speci- 
men (Loading type A). 


Since in the Loading type C loading was acted from the entire circumference, compressive 
strain occurred at all points on the inner and outer surfaces of the specimen. 

Figure 4 shows the strain distribution in the circumferential direction during Loading 
type A. Loading type A was applied from the vicinity of the top of the tunnel (80-100 
degree), and compressive strain occurred near the top of the outer surface and the shoulder 
on the inner surface (around 50-75 degree and 105-125 degree). In addition, tensile strain 
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was generated near the crown on the inner surface and near the shoulder on the outer 
surface. 

Figure 5 shows the rate of change of the ultrasonic velocity Ac/co of the increment and 
decrement Ac of the ultrasonic velocity based on the ultrasonic velocity cy before loading for 
each loading method. The rate of change increases as the compressive strain increases. How- 
ever, in the case of (b) Loading type A, in which the specimen was loaded until the specimen 
fractured, the increase in the ultrasonic velocity began to slow down at a compressive strain 
of approximately -500u, and from approximately -1000y onwards, the ultrasonic velocity 
increased further. It tends to slow down. This was similar to the change in ultrasonic velocity 
in the compression test using a prismatic specimen.(Ishimura et al, 2015). In other words, in 
the range where the lining exhibits elastic behavior, the ultrasonic velocity increases as the 
strain on the lining surface increases, but after that, the ultrasonic velocity does not increase 
due to fine cracks inside the specimen. In addition, the ultrasonic velocity near the tension 
side under Loading type A showed a decreasing trend, although the generated strain value 
was small and no significant changes were observed in the ultrasonic velocity and rate of 
change of the ultrasonic velocity. The ultrasonic velocity before loading of the specimen 
used in this experiment was approximately 3500m/s. 

Figure 6 shows the rate of change in ultrasonic velocity in the circumferential direction 
(X-axis) on the inner surface of the lining under Loading type A. The rate of change of the 
ultrasonic velocity increases in the section on the compression side shown in Figure 4(a), 
and shows a tendency to decrease mainly in the section on the tension side. From this, it is 
considered that the stress state of the lining in the tunnel cross section can be estimated 
from the rate of change of the ultrasonic velocity in the direction in which the principal 
strain occurs. 

Figure 7 shows the rate of change of ultrasonic velocity in different directions at representa- 
tive locations on the inner surface of the lining under Loading type A. It can be seen that the 
behavior of the rate of change of the ultrasonic velocity differs depending on the dominant 
direction of strain. When the strain is small, each axis indicates the positive direction. How- 
ever, in the vertical direction (Y-axis) of the specimen, the rate of change in ultrasonic velocity 
tends to decrease when the strain is about 100 to 300u. In addition, in the direction inclined 45 
degrees counterclockwise from the X-axis (Z-axis), the rate of change of the ultrasonic velocity 
tends to decrease when the strain is about -1000n. 

From this, it is considered that the direction of the principal strain can be estimated by 
grasping the increase/decrease and behavior of the rate of change of the ultrasonic velocity in 
each direction. However, it is important to know the initial ultrasonic velocity co in order to 
obtain the correct rate of change of the ultrasonic velocity. 
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Figure 5. Relationship between strain in the circumferential direction (X-axis) near the compression 
side and rate of change in ultrasonic velocity. 
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Figure 6. Change rate of ultrasonic velocity in the circumferential direction (X-axis). (Loading type A: 
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Figure 7. Rate of change of ultrasonic velocity in different directions at representative locations0 
(Loading type A: lining inner surface side). 


3 MEASUREMENT OF ULTRASONIC VELOCITY OF CONCRETE LINING IN 
ACTUAL TUNNEL 


3.1 Measured tunnel summary 


The measurement of the ultrasonic velocity of the lining concrete in an actual tunnel located 
in a cold region was carried. This tunnel was constructed by the conventional tunneling 
method and has a maximum overburden cover of about 150m and a lining thickness of 30cm. 


3.2 Measurement of ultrasonic velocity 


The ultrasonic velocity was measured with the same ultrasonic velocity measuring instrument 
and the same methodology used in the full-scale lining loading experiment, targeting multiple 
points on the inner surface of the lining. The measurement points were selected both by dis- 
tant and close visual inspections. The areas both where the cracks occurred due to the action 
of an external force shown in Photo 2, and where was thought sound due to no cracks shown 
in Photo 3, were selected. The ultrasonic velocity in winter and autumn was measured for sev- 
eral years. The ultrasonic velocity was measured at multiple points in the horizontal and verti- 
cal directions along the crack surface in the area around the crack, and at 45-degree pitches 
around the measurement point in the healthy part. In addition, Photo 2 and Photo 3 show the 
measurement points and the situation. 


3.3 Measurement results and discussions of ultrasonic velocity in healthy areas 


Figure 8 shows the temporal change of the ultrasonic velocity measured at two healthy areas, 
where were positioned in span #57 and #61 in tunnel. In addition, the figure shows the average 
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temperature during the measurement period measured every 10 minutes at the meteorological 
observation point closest to the tunnel. Figure 9 shows the relationship between the ultrasonic 
velocity and the average temperature at the time of measurement. Although there are large vari- 
ations in some parts, the ultrasonic velocity at each point in the healthy area was higher in 
autumn than in winter, when the average temperature at the time of measurement was high. It 
could be seen that this is consistent with the behavior of lining concrete due to thermal expan- 
sion and contraction of the material. 

Figure 10 shows the results of temperature correction of the ultrasonic velocity based on 0 
degree Celsius using the relationship between the ultrasonic velocity and the average tempera- 
ture at the time of measurement in Figure 9. The ultrasonic velocity of 3000m/s or less was 
excluded because extremely low. In the figure, the ultrasonic velocity of 3000m/s or less was 
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Photo 2. Measurement locations and measurement conditions around cracks. 
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excluded as outliers due to the presence of fine cracks that could not be confirmed from the 
state of the lining concrete surface. Except for the 45-degree and 90-degree directions of span 
#61, where there was a large variation in the ultrasonic velocity before temperature correction, 
no significant changes were observed at other measurement locations. In span #57, the ultra- 
sonic velocity at 0 and 180 degrees in the horizontal direction did not change significantly, but 
remained at about 4200 m/s, indicating a higher ultrasonic velocity than in other directions. 
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Figure 8. Changes in ultrasonic velocity over time in healthy areas. 
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Visual observation did not confirm any conspicuous defects such as cracks within the span 
of the measurement point, but it is thought that some kind of force is acting, such as the lining 
being constrained in the longitudinal direction of the tunnel. In particular, in span #61, the 
ultrasonic velocity in the other directions was approximately 4000 m/s at 0 degree Celsius, 
except for the direction in which the variation was large. 
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Figure 9. Relation between ultrasonic velocity and average temperature at the time of measurement in 
healthy areas. 
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Figure 10. Time course of ultrasonic velocity after temperature correction in healthy areas (based on 
average temperature of 0 degree Celsius). 


From the above, it was found that it is possible to understand the stress change on the 
lining surface from the long-term behavior of the ultrasonic velocity by correcting the effect of 
temperature. However, the ultrasonic velocity measured on the surface of the lining may vary 
depending on the state of the lining due to fine cracks, etc., so care must be taken when select- 
ing the measurement point. In this tunnel, assuming that no external force acts on the meas- 
ured points in the healthy area, the initial value of the ultrasonic velocity can be considered to 
be about 3800 to 4000m/s. 


3.4 Measurement results and discussions of ultrasonic velocity in crack areas 


The ultrasonic velocity measured around the crack fluctuated under the influence of the aver- 
age temperature at the time of measurement, as in the healthy area. The measured ultrasonic 
velocity was temperature-corrected based on 0 degree Celsius as in the healthy part. 
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Figure 11 shows the distribution of the ultrasonic velocity around the crack based on the 
velocity corrected for temperature. It is inferred that the ultrasonic velocity is high in the 
range of 20 to 30 cm in the vertical and parallel directions around the crack, and the lining 
stress is locally high. Figure 12 shows the ultrasonic velocity at each measurement period. 
Although the ultrasonic velocity fluctuates at some points, no significant increase or decrease 
in the ultrasonic velocity is observed during the measurement period. In addition, since no 
crack progress is observed around the cracks by visual observation, it is considered that there 
is no progress of defects around the cracks. 

Here, the strain generated on the lining surface around the crack is estimated. Assuming 
that no external force acts on the sound part measured this time, the measured ultrasonic 
velocity of 4000m/s can be considered as the initial value. The maximum value of ultrasonic 
velocity in this crack is about 4400m/s, and the rate of change of the ultrasonic velocity is 
about 10%. From the relationship between the rate of change in ultrasonic velocity and the 
strain shown in the full-scale lining loading experiment shown in Section 2, when the rate of 
change in ultrasonic velocity is about 10%, strain of approximately -500u or more occurs. 
Therefore, it is inferred that a compressive strain of approximately -500u or more occurs 
around the crack. 
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Figure 11. Change in ultrasonic velocity after temperature correction in the crack. 


(a)ultrasonic velocity perpendicular to the crack (b)ultrasonic velocity perpendicular to the crack 


Figure 12. Change in ultrasonic velocity after temperature correction in the crack. 


From the above results, it is considered that the lining condition in the actual tunnel can be 
estimated by continuously measuring the ultrasonic velocity on the lining concrete surface 
using a simple ultrasonic velocity measuring instrument. However, this time, since we did not 
verify the relationship between ultrasonic velocity of the actual tunnel and the strain value of 
the lining surface, this will be necessary in the future. 
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4 CONCLUSION AND FUTURE TASKS 


In this paper, we focused on the ultrasonic velocity on the lining surface as one of the methods 
for supporting to grasp the stress condition of the tunnel lining. Specifically, the relationship 
between the strain of the lining surface and the ultrasonic velocity was examined by the full- 
scale lining loading experiment, and the measurement of ultrasonic velocity in the actual 
tunnel. In addition, based on the results, we examine the possibility of estimating the stress 
state of the lining. The results of this study were summarized as follows; 


1) From a full-scale lining loading experiment, regardless of the loading situation, the ultra- 
sonic velocity on the lining concrete surface tends to increase as the strain increases near 
the point where compressive strain occurs. On the other hand, the ultrasonic velocity tends 
to decrease slightly in the vicinity of the tensile side. 

2) It is possible to estimate the direction of the principal strain by understanding the increase 
and decrease of the rate of change of ultrasonic velocity in each direction at the same loca- 
tion on the inner surface of the lining and its behavior. 

3) From the measurement results of the ultrasonic velocity in an actual tunnel, an effect of 
temperature is confirmed on the strain, so it is necessary to correct it when measuring 
under different temperature conditions. 

4) Continuous measurement of the ultrasonic velocity on the surface of the lining concrete 
using a simple instrument and continuous grasping of changes in the velocity can be used 
to estimate the condition of the lining in actual tunnels. 


In this study, we did not verify the relationship between the ultrasonic velocity and the 
strain value of the lining concrete surface in an actual tunnel. In order to apply this method to 
an actual tunnel, it is important to accurately grasp the initial ultrasonic wave propagation 
velocity of the lining concrete when external forces are not acting. In addition, the ultrasonic 
velocity measured on the surface of the lining may be affected by water according to Haya- 
shida et al. (2008) and Yamasaki et al. (2020), and may change depending on the state of fine 
cracks in the lining. Therefore, the measurement points should be chosen carefully. 
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ABSTRACT: Underground bauxite mining exploitations is a challenging environment for 
ventilation. A controlled underground ventilation system can significantly improve the envir- 
onmental and working conditions at the mines. In this paper, the modelling of a section of an 
existing complex underground ventilation network assisted by machine learning (ML) tech- 
niques and more particularly by the use of Artificial Neural Network (ANN). The developed 
ANN is focusing in the prediction of NOx concentration at a selected mine site in order to 
model its operating characteristics so that they can be automatically adjusted to the existing 
conditions, ensuring better working conditions and creating a safer and controlled under- 
ground environment. The above model can make prediction that are accurate and respond to 
actual conditions and can be the basis for a further improvement of the Ventilation on 
Demand (VoD) technology. 


1 INTRODUCTION 


Mine ventilation is a critical module of underground mining and construction projects, being 
responsible for the wellbeing and health of all personnel. Its main goal is to constantly supply 
fresh air and successfully disperse gaseous pollutants and airborne particulates. The challenges 
are often significant and especially in cases where complicated mining or tunnelling works are 
in place developing a complex ventilation environment. This is often the case in underground 
mining projects, where mine development is not as straightforward as in construction works, 
while also the operation of the machine fleet is widespread to almost all areas and not only 
concentrated in one working face. 

In recent years, as the mining activity progresses and the permitted concentration limits of 
airborne particulates are becoming more stringent, the need for a rational and optimized mine 
ventilation system becomes even more critical, ensuring the well-being of the personnel. In order 
to achieve the above requirements researchers have attempt to combine the VoD method with 
ML techniques and especially with ANNs. A theoretical approach by Acuña et al. (2014), has 
given some very interesting results. By creating a theoretical scenario of an LHD machine enters 
into a mine site at certain time cycles they developed an ANN model in order to predict the 
NO, gas concentration. The results shown that with this implementation the efficiency of the 
ventilation system had a significant improvement. Also, the researches by Kashnikov et al. 
(2017) and Semin et al. (2019), proved that ANNs respond effectively in mine ventilation issues 
and they are capable to make rational predictions in order to improve the air quality conditions 
of the underground mines and optimise the existing technology. In this way, the design of 
a ventilation system which will be assisted by an ANN model, which has the ability of general- 
ization, can lead to ensuring better working conditions and creating a safer and controlled 
underground environment. Moreover, besides the benefits in H&S issues, this could be proved 
beneficial as well for the reduction of the ventilation energy consumption. 
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This paper, optimize, the characteristics of the ventilation system of an underground mine 
site, through the development of an ANN model, in which there are two productive tunnels 
(tunnel 1 and tunnel 2), the ventilation of which is provided by the same fan that supplies them 
with the requirement airflow. The development of the ventilation network and its characteristics 
is carried out through the Ventsim Design software followed by their calibration and validation 
against actual measurements of both airflow quantity and quality characteristics at the selected 
mine section. The digital twin of the above section is created, in which several scenarios are 
developed and evaluated and more importantly data is gathered allowing for the training of the 
ANN model which is focusing in the prediction of NOx concentration in these working areas. 

The aim of the ANN model is to be trained and learn how to adjust the airflow parameters 
(fan and regulators’ characteristics) so to generalize solutions that will succeed in attaining 
optimal air quality conditions, taking also into account the number of workers and diesel 
equipment that will be working in this underground section (ventilation on demand). 


2 MODEL UNDERGROUND VENTILATION SYSTEM 


Initially the ventilation network of the underground bauxite mine was identified and mapped 
in detail so as to accurately depict the underground working and recognize the tunnels that 
are used for the ventilation, as well as the flexible ducts that are mainly used for the secondary 
ventilation network. In Figure 1 the general layout of the underground exploitations, the 
main airway tunnels (blue lines), the flexible ducts (purple lines), the development of the mine 
and the complexity of the established network can be witnessed. 


Figure 1. General layout of the underground mining exploitation (blue lines are the main airway tun- 
nels and purple lines are the flexible ducts). 


The layout of the network was imported to the Ventsim software and developed into a 3d 
working model, including the positioning of all main fans, as well as the exact layering of all 
auxiliary booster fans and flexible ducts. The determination of the network’s characteristics 
followed by the validation of the model. The model has been validated through its comparison 
using real data measurements that have been carried out at the mine, both in terms of airflow 
quantity and quality and in respect with the allowable limits. The whole process of network 
modelling and validation has been explained from Karagianni and Benardos (2021). 


2.1 Evaluation of the selected mine section 


A section of the mine was chosen in which there are two productive tunnels (tunnel | and 
tunnel 2), the ventilation of which is provided by the same fan that supplies them with the 
requirement airflow. In both tunnels working mechanical equipment with a corresponding 
number of personnel (tunnel 1: one jumbo (80hp) and 2 workers and tunnel 2: one LHD 
(350hp) and one worker) and the maximum flow rate is required. Figure 2 (a) shows the sec- 
tion in Ventsim Design environment and (b) the schematic representation. 


3137 


Fan N 


Regulator 2 


(b) 


Figure 2. (a) Selected section on Ventsim Design software and (b) schematic representation. 


According to the stricter standard in effect in Greece (Ministerial Decree, 2011), the min- 
imum airflow requirement for diesel equipment is defined at 2.3 cubic meters per second per 
horsepower (m?/s per hp) and for personnel at 5.66 cubic meters per second per person (m?/s 
per person). Also, the minimum and the maximum air velocity (set at 0.1 m/s and 6 m/s 
accordingly) and the permitted limits of gas concentration defined by the Ministerial Decree 
(2011). As it shown in Table 1 both air velocity and airflow quantity are in compliance with 
the permissible limits. 


Table 1. Air quantity results of mine section in Ventsim Design. 


Working Areas Q min Q computed Computed velocity 
Working Area | (Jumbo) 3.25 m/s 5.4 m/s 0.1 m/s 
Working Area 2 (LHD) 13.5 m3/s 13.8 m/s 0.6 m/s 


In addition to the above, the analysis is made also in the air quality characteristics of the 
selected section. Figure 3 present the results of a seven-hour simulation with respect to the gas 
pollutants that performed at working area #1 and #2. As it shown, all concentrations are sta- 
bilized after the first three hours of simulation, while they are within the permitted limits. 


(a) (b) 


Figure 3. Results after a 7-hour gas simulation at working area 1 (a) and at working area 2 (b). (CO, 
NO and NO2 expressed in ppm, O2 and CO2 expressed in percent %). 


3 ARTIFICIAL NEURAL NETWORK MODEL DESCRIPTION 
Artificial Neural Networks (ANN) are considered as information—processing systems capable 


of learning and generalizing from the “experience” (Tsangaratos & Benardos, 2013). Their 
main purpose is to model the way the neurons of the human brain work (Haykin, 1999), 
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trying to analyse patterns and learn from past experience so as to be able to generalize (pre- 
dict) the outputs when new inputs are introduced to them. Thus, they are characterized by 
flexibility, ability to generalize complex phenomena and also of their capability to satisfactory 
encounter and address conditions where time evolving situations are to be modelled. 


3.1 The machine learning method. 


There are three main types of machine learning methods. The supervised, unsupervised and 
reinforcement learning. In supervised learning, that is the one which applied in this paper, the 
algorithm trained by using “labelled” training data from the dataset. This means that some 
input data are already tagged with the correct output. The goal is the algorithm can approxi- 
mate the mapping function so well, that, when there are new input data, it will be capable to 
predict the output variables for these data. On the other hand, in unsupervised learning the algo- 
rithm trained on raw and unlabelled training data and its main goal is to find the underlying 
structure of the dataset and group the data according to similarities and differences. Finally, in 
reinforcement learning the algorithm trained in order to make a sequence of decisions in an 
uncertain and potentially complex environment. The reinforcement learning is, basically, a trial- 
and-error process that the model gets either reward or penalties for its performance. So, the 
algorithm learns from the experience and the goal is to maximize the total reward. 

From these three methods, the most common that applied is the supervised learning. 
During the training phase, the hidden and output layer neurons process their inputs by multi- 
plying each input by a corresponding weight and summing the product (Tsangaratos & Benar- 
dos, 2013). Then the sum of all inputs signals of the neuron (for an instant time) determines 
the result of the activation function and whether the neuron will be activated or not. If the 
neuron activated, the above sum entered into the transfer function which gives the actual 
output result. By adjusting the weights between the neurons in response to the errors between 
the actual and target output values the ANN model, at the end of the training phase, should 
be capable to predict a target value from a given input value. 


3.2 The main characteristics of an ANN model 


A simple ANN (Figure 4) consisted of the input layer, one or more hidden layers and the 
output layer. These layers are interconnected with a specific number of neurons that transfer 
the signals. 


Hidden 


Output 


~ F ~ x ) 


Figure 4. Simple neural network topology. 


The way that all neurons connected to each other called topology (or architecture), and it’s 
one of the most important features, because the architecture determine the capabilities of the 
ANN. Besides the above, there are also two main characteristics for the composition of an 
artificial neural network. The training or learning algorithm, which is the method that estab- 
lish the values of the weights on the connections (Tsangaratos & Benardos, 2013) and the type 
of activation function. 
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3.3. ANN model development 


The aim of the model is to be trained and learn how to adjust the airflow parameters 
(fan and regulators’ characteristics) so to generalize solutions that will succeed in attain- 
ing optimal air quality conditions, taking also into account the number of workers and 
diesel equipment that will be working in this underground section (ventilation on 
demand).The model for the prediction of NOx concentration was implemented through 
the use of a feed forward artificial neural network (FFN) and the algorithm was written 
using the Python programming language. A feed-forward neural network refers to an 
ANN model when there is no «feedback» from the outputs of the neurons towards the 
inputs throughout the network (Sazli, 2006). 

The FFN model is aimed to predict the concentration of NOx gas in these two working 
areas through the corresponding model, having as input the airflow data and regulators open- 
ing data. The dataset consists of total 229 records for each group data, 80% (183) used for the 
training set and 20% (46) for the test set. Because the different measurements units, the input 
data were normalized based on the Min-Max scaling (or Min-Max normalization). Also, the 
accuracy of the generalization of the FFN is evaluated based on the relative error (RE) 
between the predicted and the actual value of the NOx concentration (Equation 1): 


Actudlyaue — Predicted gine 


RE= 
Predictedyalue 


% (1) 


After many tests in finding the optimum topology of the model that could achieve the min- 
imum relative error, finally, the best model architecture was set at 3x45x30x20x10x2 
(Figure 5), structured as follows: 


e Initially there are 3 input neurons (Airflow, #1Regulator_state, #2Regulator_state) 
¢ The first hidden layer is consisted of 45 neurons, where a 20% dropout rule was set 
¢ The 3 hidden layers follow comprised by 35, 20 and 10 neurons each, respectively. 

° Finally, the 2 output neurons (NOx_1, NOx_2) are assessing the gas concentrations 


The ReLU is used as the activation function throughout the model, followed by the Linear 
one in outputs neurons of the model. The Adam function was also utlilised, a method for sto- 
chastic gradient descent optimization having a main task to use estimations of the first 
and second moments of the gradient to adapt the learning rate for each weight of the neural 
network. Furthermore, the requirements for stopping the training process were either the com- 
pletion of 2000 epochs or the achievement of the minimum mean squared error (MSE) in 50 
consecutive seasons. 
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Figure 5. Visualization of the artificial neural network model. 


3.4 FFN model results 


At the end of the training, observed that the MSE is 1.7. Although the MSE is intended to be 
below zero, in this case the calculated MSE is the total mean squared error for both outputs. 


3140 


The graphs of the training set are presented in Figure 6. On the left (a) is the loss function that 
is the objective function and, on the right (b), is the measured MSE. It is clear that in both 
cases the algorithm follows the same path. 


(a) (b) 


Figure 6. (a) Model loss and (b) Model MSE of the training set. 


Besides the above, a major task is to check the general behaviour of the model. If the 
ANN response satisfactory, for example, if it follows the trend of the data and doesn’t 
focus on specific groups of values, it means that it is capable for reliable predictions. 
The Figures 7 and 8 present the behaviour of generalization of the model for NOx_1 
and NOx_2 accordingly. The orange line shows the actual values and the blue line the 
model predicted values. 

It is clear that in both cases the ANN has consistent behavior across almost the entire range 
of the test set and follows satisfactory the trend of the true values, which means that is capable 
for rational predictions of NOx gas concentration at each working area, depending on the fan 
airflow and the opening of the regulators. 


Figure 7. Model generalization behaviour for NOx measurement at working area 1 (Blue: ANN’s pre- 
dicted values, Orange: Measured values). 


Also, the ANN’s predicted values as compared with the actual concentration values 
show a high accuracy degree. More particularly, the ANN’s generalisation has an 
average forecast accuracy of more than 90% for each corresponding location, namely 
94.75 % for tunnel 1 (NOx_1) and 97.96% for the case of tunnel 2 (NOx_2). This is 
also evident from the cross-plot (Figure 9) that further show that the trained model is 
successful and the algorithm has the ability to lead to reliable predictions for the gas 
concentration. 
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Figure 8. Model generalization behaviour for NOx measurement at working area 2 (Blue: ANN’s pre- 
dicted values, Orange: Measured values). 


3.5 Validation for the accuracy of the ANN model 


In addition, a further testing for the accuracy of the model was carried out through the use of 
new data as obtained from the ventilation model that has been developed though Ventsim 
Design. A total of 5 new random input values were selected and their values were compared 
with the results obtained from ANN. 

As it shown (Table 2), the below check confirms the accuracy of the ANN model, as the 
relative error (RE) is under 13%. More specifically in cases #2, #3 and #4 and more specific- 
ally in 5 values is below 3.5%. For the two other cases #1, #5, the model has also a RE or 
about 10-12%. This further indicate the concise behaviour of the model that can now be used 
for an immediate assessment of the anticipated conditions. 


Figure 9. Cross-plot of measured NOx_I(orange) and NOx_2(green) values in comparison with the 
model predictions. 


4 CONCLUSIONS 


The ventilation of underground exploitations is an indispensable part of the whole mining 
process. Except of being responsible for H&S issues, the ventilation system has a major role 
for the efficiency and productivity of the project. In this paper, a machine learning model 
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Table 2. Comparison between the prediction of the model and the results of the Ventsim. 


Airflow (m7/s) Reg_! (%) Reg_2(%) NOx_1! (ppm) NOx_2 (ppm) 


ANN 10.4 31.1 
#1 Ventsim 31.4 12 82 11.7 35.7 
RE 11.5% 12.8% 
ANN 9.4 32.2 
Bo: Ventsim %47 1, 86 96 32.2 
RE 25 y 0 0.1 y 0 
ANN 16.35 26.9 
#3  Ventsim 3? 2 90 15.9 27.8 
RE 28% 3.2% 
ANN 8.8 32.2 
#4  Ventsim 368 34 78 8.5 31.9 
RE 3.6 % 0.9% 
ANN 92 32.5 
ys Ventsim => 23 et 10.0 36.6 
RE 8.3 % 11.2% 


using artificial neural networks developed in order to model the operating parameters of the 
ventilation system of an underground bauxite mine. 

Initially, for the creation of the dataset a section of the mine was developed and modelled 
through the Ventsim Design Software. This model was firstly calibrated and validated for its 
accuracy against real measurements and was used as a digital twin to performed a dynamic 
simulation of the mine’s air quality and flow rate over the whole duration of the operating 
phase in order to collect the required data. This synthetic dataset derived consists of 229 
records that used for the training and the test of the algorithm. 

The results of the trained model showed that the ANN has the ability to understand the complex 
nature of the phenomenon of the gas concentration evolution along with the ventilation’s effect on 
them. Thus, it was able to have generalizations regarding the state of the anticipated conditions 
and gas concentrations with a forecast accuracy more than 90%. Moreover, it provided 
a consistent accuracy for the whole range tested, which is also of great importance to its potential 
future use under a mining environment that changes its prevailing conditions in a dynamic manner. 

The methodology developed proves that it is possible to utilize a synthetic database derived 
from a validated digital twin to gather the required data in the absence of real measurements. 
Such strategies can work well with ML techniques to overcome such issues and can assist 
engineers to adopt operating strategies and come up with a flexible and yet resilient and 
autonomous ventilation systems. 

The aforementioned process as presented in this research it can be further developed with 
the implementation of an autonomous ventilation on demand (VoD) system that will con- 
stantly monitor and control the ventilation system of underground mines so as to achieve the 
optimal conditions of their air quality. This can lead to a significant improvement of the SLO 
(Social License to Operate) by achieving both a reduction of the environmental footprint of 
the mines, but also, to ensure an upgrade of work safety level. 
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ABSTRACT: Ata junction, tunnels leave from a ‘parent’ tunnel/shaft and typically the connec- 
tion is perpendicular. Sprayed concrete linings offer many advantages for support of such com- 
plex tunnel junction geometries. While the stress distribution in the main tunnel or shaft is 
reasonably well understood — at least conceptually — very few studies have considered the loads in 
the ‘child’/adit tunnel. These loads are critical for determining an optimum excavation sequence 
and lining thickness based on the effective stresses in the adit tunnel. Of critical importance is the 
longitudinal behavior of these tunnels which is often neglected in the design process. While some 
simplified analytical calculation methods can be used to assess the impact of the complex stresses 
in the junction on the ‘parent’ tunnel, there is no equivalent design tool for the adit. In this study, 
advanced three-dimensional numerical simulations investigate the structural-ground interaction 
during the sequential excavation of an adit off a vertical shaft. Real case study data from the 
Heathrow Airport Terminal 5 project is used to validate the results of the numerical analysis. The 
results highlight the key influences at an underground junction and thereby can provide a design 
basis to improve the efficiency of design at junctions and associated tunnels. 


1 INTRODUCTION 


The semi-empirical design methods employed for predicting stresses in a Sprayed Concrete Lin- 
ings (SCL) to verify their performance necessitate a continuous risk management process 
through observation of the stresses developed in these structural elements during construction. 
However, owing to the simplicity of displacement measurement, design verification is commonly 
based on the comparison of the predicted displacement via numerical modelling to the observed 
convergence during construction. Such implicit verification of the calculated stresses may lead 
to misinterpretation of the stress-path dependency of the response that is governed by the time- 
dependent behavior of the SCL as well as the dynamic stress in the surrounding ground. Hence, 
detailed considerations such as non-linear geomechanical response, structural interaction, and 
three-dimensional, time-dependent construction sequencing, etc. are essential for a realistic pre- 
diction of the ground-structure interaction (Keneti et al. 2022, Jones 2007, Jones et al. 2008). 

The choice of construction sequence is important at junctions because, when breaking out 
of (or into) the parent tunnel, the loaded lining is cut, and those loads must be redistributed to 
adjacent areas. This will cause the tunnels to deform until a complete structural ring is formed 
again. Hence subdivision of the face, temporary propping and early ring closure are often 
used to manage the stress redistribution and keep the tunnels both stable and within the 
required limits of deformation (Thomas, 2009). 
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In this study, advanced numerical simulations conducted in Itasca FLAC?” investigate the 
structural-ground interactions at the Heathrow Airport Terminal 5 (T5) SWOT shaft- 
Frontshunt adit junction. Comprehensive experimental and numerical studies conducted at the 
site provide the background for input parameters’ (Hight et al. 2002, 2007, Jones 2007, Jones 
et al. 2008). Full information on the monitoring data from the construction of the SWOT front- 
shunt can be found in Jones (2007). The geometry and construction sequence are adopted from 
Jones et al. (2008). The analysis calibrated the simulated in situ conditions with the observed 
displacement behavior of the shaft and adit. The procedure and results provide a framework for 
a more realistic estimation of bending moments and stress distribution in the sprayed concrete 
liner, in both the shaft and Frontshunt with specific consideration of the junction itself. 


2 MODELING DESCRIPTION 


Three-dimensional continuum modelling techniques provide significant insight and understanding 
to rock mechanics processes that are more efficient than discontinuum models (when a large 
model geometry is required) and not possible to replicate in two-dimensions. FLAC?” is a three- 
dimensional explicit finite-difference program that efficiently simulates the behavior of structures 
in soil and rock that undergo plastic deformation when their yield limits are reached. The program 
can be considered best-practice for numerical analysis of large-scale civil engineering structures 
and has previously been used to consider the complex structural-ground interaction in concrete 
lined tunnels (Keneti et al. 2022). The following sections provide a summary of the numerical 
methodology and consideration of the evolving stresses around the excavations as construction 
and support progresses. 


2.1 Geometrical Setup 


Figure 1 Shows the extents of the model excavations that were generated using Rhinoceros. 
Itasca Griddle was employed to generate the mesh (Octahedral-dominant volumetric grids 
with an objective aspect ratio of 1:1). Model boundaries were extended 50 m from the excava- 
tion periphery on a horizontal plane and 25 m below the base of the Frontshunt tunnel. The 
lower boundary of the model was set as a fixed face in all directions, and the upper boundary 
of the model (ground surface) was set as free. Vertical roller boundary conditions for each of 
the four side extents of the model were assumed — i.e. zones could move only in the vertical (z) 
direction. For a convenient manipulation of the excavation sequences and properties 


p= Diameter 514.49 Z=0 (Ground Surface) F LA C3D 7. 00 
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z=-5 Geo-Units Boundary London Clay Z 
z=-6.5 Start of the Widened Part Terrace Gravel 


Adit Length (from Collar) 
= 40.25 m 


z=-18.685 


Diameter = 11.985 m 


Diameter = 4.8 m 
Figure 1. Geometrical configurations of the 3D model. 
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assignment, zones and faces were grouped into distinct items based on their geology (Terrace 
Gravel -TG or London Clay - LC), excavation (Shaft, Collar, or Frontshunt), and construc- 
tion stages. Identification of each construction stage and the surrounding in-situ ground was 
also completed in order to consider the time-dependent strength properties of the shotcrete at 
specific locations behind the advancing face as excavation progressed. 


2.2 Geomechanical properties and constitutive models 


The London Clay (LC) in Central London is a deep-water marine mud deposited in water 
with depths of over 100 m. The cycles of sea level variation and accompanying changes in 
sedimentation provide the basis for the division of the London Clay into lithological units. 
The clay mineral suite comprises of poorly crystalline kaolinite, illite, chlorite, smectite and 
montmorillonite. The silt is quartz and the clay contains pyrite, calcium carbonate, and 
gypsum. Generally, bedding is observed as a discontinuity with a gently undulating surface 
having a somewhat rough or bumpy texture. One of the most significant post-depositional 
processes influencing the mechanical behavior of the London Clay is the erosion of 
a substantial thicknesses of overlying sediment which has led to over-consolidated conditions. 
A perched water table in the Terrace Gravels (TG) exists on top of the London Clay which is 
recharged from surface precipitation and locally from the River Thames (Hight et al. 2002, 
2007). As a result, the near surface clay has been affected by desiccation, which produces 
rough, sub-vertical discontinuities leading to a loss of effective cohesion (¢), an apparent 
reduction in the over-consolidation ratio (OCR), and localized increase in water content. 

In general, the LC formations present variations in geomechanical responses with depth, 
in situ stresses and localized geology (Gasparre 2005). There is also considerable variability in 
plasticity index and liquid limit (Hight 2002). Lateral variability is limited, unless there is 
faulting or jointing present. The most difficult parameter to determine for the London Clay is 
ko, i.e. the ratio of effective horizontal stress to effective vertical stress. As a result of its heavy 


Table 1. Geomechanical properties. 


Constitutive Model — Material Properties 


Plastic Hardening - London Density (kg/m?) 2,000 


Clay (LC) Poisson s Ratio 0.2 
* (Ep) MPa 50 

EB), MPa 50 

p MPa 180 


Friction Angle (°) 15 
Cohesion (kPa) 134 + 10 x z (z is depth from top of LC) 


OCR 1.5 
Mohr-Coulomb — Terrace Density (kg/m*) 1,850 
Gravel (TG) Poisson’s Ratio 0.3 
Young’s Modulus, 15 
MPa 


Friction Angle (°) 30 
Cohesion (kPa) 1 


Elastic — Sprayed Concrete Density (kg/m*) 2,400 
Lining (SCL) Poisson’s Ratio 0.2 
1-Day 7-Day 30-Day 
Young’s Modulus, 
MPa 1000 5000 15000 


* Secant stiffness, ES 7 at 50% of the ultimate deviatoric stress, qr, when o3 = —p’ in a triaxial test. 
50 af P 


+ Tangent stiffness, EY, p when o; = —p"/in an oedometer test. The default value is EX. 
t Unloading-reloading stiffness, E! , when o3 = —p’* in a triaxial test. By default, ES =4E 


ur ? ur 
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over-consolidation, it is known that high horizontal effective stresses are likely to exist in this 
geological unit. At the T5 project site about 4.5 to 6 m of sandy gravels, form the TG unit that 
rests directly on an eroded surface of the LC unit. The pore water pressure distribution is 
hydrostatic, with water levels approximately 1.5 m above the LC (Hight et al. 2002). Several 
experimental, field studies, and numerical investigations have been undertaken on the LC at 
the T5 project site (Hight et al. 2002, 2007, Jardine et al. 1991). 

Table 1 presents a summary of the geomechanical properties based on these studies. The 
elastic properties for the sprayed concrete liner (SCL) are also presented in Table 1, adopted 
from measured data by Jones (2007) and accounted for the strength reduction due to creep. 
The TG is represented by a Mohr-Coulomb (MC) model and the LC is represented by 
a Plastic Hardening (PH) constitutive model. The PH is a shear and volumetric hardening 
constitutive model for the simulation of soil behavior that accounts for a higher material stiff- 
ness during unloading that would otherwise generate unrealistic heave movement. The PH 
model is well established for soil-structure interaction problems including tunneling, and 
settlements analysis, among many other applications (Keneti et al. 2022). 


3 SIMULATION STEPS 


This section discusses the simulation steps modelled to establish the three-dimensional stress dis- 
tribution around the excavations. With the pore pressures, soil densities, and the normally- 
consolidation coefficients provided, the pre-excavation in-situ stress was initialized by calculating 
the ratio of effective horizontal stress to effective vertical stress (kọ) from friction, ØG.e. 
ky = 1 — sin Ø). Hydrostatic water pressures, corresponding to the ground water table were initial- 
ized within the model. Groundwater lowering inside the excavation was performed gradually in 
five stages (to keep effective stress constant) prior to each excavation increment. In order to ini- 
tialize the principal stress magnitudes and orientations in the model, the model was stepped to 
equilibrium, and displacements were reset to zero prior to the start of the excavation sequence. 


3.1 Establishing the existing ground conditions 
Downward excavation of the vertical shaft was conducted in two parts: 


I. The upper 6.5 m section of the shaft with 11.1 m diameter is excavated and 300 mm thick 
Pre-Cast Concrete segmental ring (PCC) is installed (using a wet caisson method). 
1 m advance length was used for each excavation stage. Stress relaxation was considered 
through the “zone excavate relax” command to avoid numerical instability triggered by 
a sudden removal of the material. The final concrete strength (30-day) was applied to the 
PCC immediately after excavation of each advance stage prior to solving to equilibrium. 

II. The lower widened section of the shaft with 11.985 m excavation diameter is excavated to 
18.685 m below the ground surface. A 600 mm thick SCL, thickened to 875 mm around the 
junction is installed. Again, 1 m advance length was used for each excavation stage and 
stress relaxation was considered. The following model updates were applied prior to solving 
to equilibrium for each 1m excavation advance: 


- Step 1: A short duration of unsupported ground of the current advance face 
(tUnsupported_Ground =10 calculation cycles) accounted for the inevitable relaxation that 
occurs prior to the SCL application. Then, an initial 75 mm SCL with 1-Day strength 
properties was installed on the shaft wall of the newly exposed area, followed by 100 
calculation cycles to simulate the time required for the SCL ring closure (t ¢¢ closure )- 

- Step 2: The subsequent advance was excavated as detailed in Step 1. Furthermore, the 
immediate previous excavation was thickened to 600 mm (still with the 1-Day age prop- 
erties). A further 100 calculation cycles were performed to simulate the time required for 
the SCL ring thickening (t SC_Thickenning ). 
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- Step 3: After excavating one more stage following the procedures above, the most 
recently thickened SCL layer (i.e. the 600 mm SCL as per Step 2) was aged to 7-Day 
strength properties. A longer time is simulated for this process by stepping 250 cycles to 
mimic the time taken for SCL curing (t ¢¢ Cyping )- 

- Step 4: Excavation progressed according to the Step 1 to Step 3 procedure up to the last 
stage of the shaft excavation, i.e. the horizontal bottom of the shaft. This bottom slab was 
considered as structural support with 1 m concrete thickness and full strength SCL imme- 
diately installed (i.e. 30-Day properties applied to the shaft wall as well as its floor). 

- Step 5: A 30-Day strength was applied to all SCL with the 7-Day strength at the end of 
the shaft excavation and the model was solved to equilibrium. 


Figure 2 present the procedure followed. Figure 2a illustrate an example stage where 
a newly excavated stage has a 75 mm/1-Day SCL, the immediately prior stage has 600 mm/ 
1-Day SCL strength, and the preceding stages have 600 mm/7-Day SCL strengths while the 
upper stages have the PCC installed (i.e. 300 mm/30-Day SCL). As shown in Figure 2b, at the 
end of the shaft excavation shotcrete overspray on the shaft wall was 275 mm around the junc- 
tion (i.e. 875 mm total thickness), prior to opening the wall for the collar construction. This 
information was determined from as-built records (Jones et al. 2008). 

Figure 3 presents the simulated wall convergence at the completion of the vertical shaft 
excavation and support. This result is in good agreement with the observed conditions 
reported by Jones et al. (2008) suggesting the model is an acceptable representation of the in- 


FLAC3D 7.00 


C2022 nasca Consutting Group, inc. 


Shell Thickness 
1.0000+00 


Figure 2. An illustration of the shaft construction staging adopted in the FLAC*? model: a) an example 
case of stage 14 excavation and b) SCL thickness (in m) at the end of shaft excavation. 
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Figure 3. FLAC?? model calibration via observed wall horizontal movements (in m). 
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situ conditions. The authors note here that sensitivity to the geomechanical properties 
together with the adopted calculation cycles were considered iteratively until calibrated results 
were achieved. 


3.2 Excavation of the frontshunt tunnel 


The inclusion of pre-existing excavations in the model is important to simulate the loading and 
unloading effects (stress redistributions and yielding) that result prior to the construction of new 
excavations (Keneti et al. 2022). Excavation of the junction’s collar consisted of a top-heading 
and bench excavation with an initial 75 mm SCL which was thickened to 600 mm and aged to 
7-Day strength at the completion of excavation advance — following the procedure presented in 
Section 3.1. Excavation of the Frontshunt tunnel was performed as full-face according to the 
LaserShell method detailed in Jones et al. (2008). The face was inclined at an angle of approxi- 
mately 70° to the horizontal to provide a protective canopy for operatives close to the face. 
A similar procedure to the shaft excavation was adopted for the SCL application (Section 3.1) 
and aging (albeit with a 200 mm for the final thickness). Throughout an iteration process, the 
interim calculation steps for the excavation of the collar and the Frontshunt were adopted as: 


tUnsupported_Ground=50, t SC closure 7500., t 5C -Thickenning =500, and t 5c -Curing =1000. 

Figure 4 shows the construction sequencing implemented for the Frontshunt tunnel excava- 
tion together with the as-built progress. For the case presented in Figure 4, as the current 
stage is excavated, a 75 mm SCL is applied to the advance face and the perimeter, the SCL for 
the previous stage is thickened from 75 mm to 200 mm while its strength stays at 1-Day prop- 
erties. The stage lagging two behind the current advance gains 7-Day strength similar to the 
preceding ones. Only at the end of the Frontshunt excavation is the full SCL strength applied 
(i.e. 30-Day properties). 

Figure 5 presents the displacements of the Frontshunt walls and crown at the end of the exca- 
vation, considering only the movements induced by the Frontshunt excavation. The simulation 
results are broadly in agreement with the field measurements reported by Jones et al. (2008) 
which suggests the model presents a representative stress state around the excavation. The 
deformations observed in Figure 5 were managed by early ring closure in the full-face excavation. 


4 RESULTS ANALYSIS AND COMPARISON WITH MONITORING DATA 
For the advance of the horizontal tunnel away from the vertical shaft, stresses and displace- 
ments in the London Clay and tunnel lining have been examined. The results are presented in 


Figures 6 and 7, respectively. The available monitoring data are also shown on plots ‘c’ and 
‘d’ of these figures. 
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As-buiit progress of the frontshunt tunnel 
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Figure 4. An illustration of the Frontshunt construction staging adopted in the FLAC*” model. 
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Figure 6. Displacement and stresses around the Frontshunt as excavation advances away from the shaft. 


As presented in Figure 6, stresses in the London Clay are significantly influenced by the 
presence of the vertical shaft up to 0.33 times the diameter from the junction (i.e. 6 + 4 = 
10 m). Stresses in the walls are greater than in the crown as a result of the in-situ stress condi- 
tions (ko is less than 1.0 so the vertical ground stresses are higher than the horizontal ones). 
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Figure 7. Performance of the sprayed shotcrete liner. 


Regarding the duration of the influence of the advancing face in the tunnel, if one considers 
a point 8 m from the shaft centreline, the ground stress and movement continues to change 
until the face is about 19 to 24 m from the shaft centre — i.e. 11 to 16 m from the point in 
question. This is in line with the monitoring data reported by Jones (2007) and a general 
observation addressed by Thomas (2003) that in soft ground the zone of influence for a tunnel 
extends 3 diameters ahead and below the face. 

When considering the performance of the SCL presented in Figure 7, the picture is similar 
but somewhat more nuanced. The biggest differences in axial forces or bending moments in 
the lining occur within 10 m of the shaft centre, i.e. within 0.33 times the shaft diameter from 
the edge of the shaft — as above. Regarding the duration of the influence of the advancing face 
in the tunnel, the lining loads continue to change until the face is 15 to 24 m from the centre of 
the shaft — i.e. until the face is more than 3 tunnel diameters ahead. The exception to this is 
the longitudinal force (Nx), which continues to increase in compression, even when the tunnel 
face is more than 30 m from the point in question. The magnitudes of the bending moments 
are generally low (< 10 kNm in all directions), except at the sidewall within the collar which is 
influenced by the top heading and invert sequence for that section. 
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An array of radial and tangential pressure cells was installed at about 25 m from the shaft. 
Great efforts were made during the monitoring to correct the results for the thermal effects 
and shrinkage (Jones 2007). Comparing the numerical model with the monitoring, the hoop 
axial forces appear to be lower than one would expect from the measured radial pressures on 
the Frontshunt lining (Jones et al 2008) - see Figure 7c and d. The same can be seen when 
comparing the minor principal stress in the ground just outside the lining with the measured 
radial pressures - see Figure 6c and d. 


5 CONCLUSIONS 


In this study, a FLAC?” simulation was conducted for ground-structure interaction analysis 
at a shaft-tunnel junction excavated in London Clay. The goal of this study was to examine 
the behavior of the “child” tunnel since previous work on junctions has tended to focus on the 
“parent”. The simulations suggest that, for this example, influence of the “parent” on the 
lining of the “child” tunnel affects an area within 2 tunnel diameters of the shaft. Beyond that 
the tunnel lining and deformation are broadly independent of distance from the shaft. Alter- 
natively, this radius of influence can be expressed as about 75% of the shaft diameter and it 
corresponds to the area where ground stresses have been most influenced by the shaft con- 
struction. Considering the duration of the influence of the advancing face of the child tunnel 
on its existing lining, in general changes can be observed until the face is 3 or more tunnel 
diameters ahead of the point in question. 

In future work, one could examine the influence of nonlinearity of the concrete behavior, 
refinements to the constitutive model of the London Clay, calculation steps, and the ko 
profile. 
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ABSTRACT: Ambitious tunnel projects are currently being carried out all over the world to 
increase capacities, shorten travelling times and strengthen railway transport in its competi- 
tion. Especially, in long railway tunnels, critical events, which might quickly turn into 
a disaster, shall be avoided at any time. A crucial factor is effective supervision and fast 
response of the railway operator (dispatcher). The optimized interaction of the tunnel control 
system and the railway control system support the railway operator (dispatcher). Siemens 
Mobility delivered both systems for the 57 km long Gotthard base tunnel, which started com- 
mercial operation in 2016. Considering experiences during the project execution and the cur- 
rent operational experience we will show how the overall capacity can be increased by 
combining railway operation control and tunnel control. We will illustrate this exemplarily by 
discussing an operational risk of railway operation in long tunnels. We show, how the fast 
and effective reaction of the railway operator (dispatcher) enables to manage the operational 
risk effectively. 


1 BACKGROUND 


In long railway tunnels, it is important to avoid situations that endanger the safety of the 
people passing through. Events that deviate from normal operation are detected at an early 
stage through optimized interaction between the tunnel control system and railway control 
technology and optimized with our tunnel automation system. This allows safety-relevant situ- 
ations to be avoided before they become a greater danger. 

Siemens Mobility supplied the tunnel and rail control technology for the 57-kilometre Gotthard 
Base Tunnel (supplied by Yunex Traffic, formerly Siemens Mobility), as well as the tunnel auto- 
mation system. We have acquired unique know-how with the experience we gained during the 
project phase and during the tunnel’s operation since 2016 (Siemens, 2022, SBB, 2022). 

More and more ambitious tunnel projects are being realized worldwide (Wikipedia, 2022). 
The issues are travel time reductions, capacity increases and ensuring the competitiveness of the 
rail system. Alongside these aspects, however, tunnel safety always comes first (SBB, 2022). 


2 THE SOLUTION FOR SAFE AND EFFICIENT OPERATION 


The tunnel control technology and the tunnel automation system enable direct communica- 
tion between the tunnel technology (e.g., ventilation, drainage, fire protection, gates, traction 
current, communication, etc.) and the railway control technology (Traffic Management 
System, Iltis railway control technology, signaling and RBC). 

All the systems necessary for incidents (Emergency Response System), train operation (Train 
Control System) and maintenance (Maintenance Management Tool) are integrated into the 
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Tunnel Control System, based on Siemens SCADA system WinCC OA, allowing the systems to 
exchange relevant notifications and information with each other directly 


Tunnel Control System Tunnel automation 
YUN=X Gotthard & Ceneri tunnel 
TRAFFIC 


=O 


ogge 


Figure 1. With our solution, the data from the tunnel control system and the tunnel automation system 
are exchanged and efficiently processed for the safety of tunnel operation. 


3 CONCENTRATION ON THE ESSENTIALS 


In addition to tunnel control technology, tunnel automation is an important component of 
our intelligent solutions. Detailed predefined scenarios for normal operation, maintenance 
and malfunction are automatically selected and made available to the operating personnel for 
selection as a “tunnel reflex”. 

For example, longer distances between vehicles after hazardous goods transports or com- 
plex scenarios such as lane changes including operation of the fire protection gates, ventilation 
and lighting can be provided and activated at the click of a mouse. Staff can focus on problem 
solving, any necessary rescue measures and a quick return to normal operation. 


4 COMPREHENSIVE APPROACH — MORE CAPACITY AT THE SAME LEVEL OF 
SAFETY 


Predefined scenarios and suggested actions (tunnel reflex) in the event of incidents are very 
important for the Gotthard Base Tunnel. Their starting point is the monitoring of rail traffic by 
the Train Control System. The Train Control System detects any malfunctions and commui- 
cates the corresponding data as a «tunnel reflex» to all relevant systems, which then commence 
automatically running through all possible scenarios for managing the situation. For example: 
emergency ventilation systems in the tunnel are activated, lights are switched on at the emer- 
gency stop closest to the affected train and the emergency doors at that stop are opened. If 
necessary, further actions may be taken, for instance draining the storm water reservoir at the 
north or south end so that it will be available to hold contaminated run-off from firefighting 
operations. Additionally, it might be necessary to switch over the ventilation of the tunnel’s 
technical rooms to prevent smoke from damaging the equipment. The Tunnel Control System 
monitors the emergency procedures and ensures they are carried out correctly in such emergency 
scenarios. For this purpose, it also initiates timekeeping checks and monitors the individual 
steps. If these are not performed automatically and correctly, the system informs the operator. 
The Emergency Response System, which is part of the Tunnel Control System, also 
launches all other measures necessary for managing the emergency. Specific information and 
decision-making steps are stored in the system and can be utilised in line with the situation. 
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They help the emergency operations manager decide who needs to be alerted in an emergency, 
such as the police, fire and/or ambulance services. The system also allows easy monitoring of 
the intervention areas. 

The risk reduction is illustrated in Figure 2: Due to the boundary conditions and natural 
restrictions of tunnels the risks must be mitigated in a stepwise approach. The combination of 
tunnel control system and tunnel automation reduces the risks (green horizontal arrows) on 
every reduction level according to EU Safety in Railway Tunnels Technical Specification of 
Interoperability (European Commission, 2014): prevention, mitigation, evacuation, and 
rescue. 

This increased risk reduction allows for higher unmitigated risks (e.g., more trains in the 
tunnel) by keeping the same acceptable residual risk. Efficient operation with minimized restric- 
tions for the operator is enabled. We will illustrate this in a video presentation during our talk. 


Risks in tunnels 


. 


Prevention 


Mitigation 


Residual 
= * 
Rescue 


Figure 2. Risk reduction in tunnels according to EU Safety in Railway Tunnels Technical Specification 
of Interoperability (European Commission, 2014). 


5 CONCLUSIONS 


The coupling of tunnel control system and tunnel automation implements an advanced deci- 
sion support system that supports the railway dispatcher and reduces risks through pre- 
defined dispatching scenarios (tunnel reflexes). As Siemens’ experience with the Gotthard 
Base Tunnel shows, it allows operation at higher capacity at the same safety level. Higher cap- 
acity enables a more economic use of long railway tunnels. 
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Evaluation of mechanical behavior of hanging and anchorage 
system supporting jet fan for safety of road tunnels 
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ABSTRACT: In road tunnels, hanging and anchorage system is used to support electrical 
and mechanical equipment, including a jet fan. In this paper, we report measurement results 
of tensile forces of six turnbuckles hanging a jet fan in an actual road tunnel. We also report 
pull-out tests of post-installed anchors to evaluate the effect of cracks and fiber sheeting on 
the pull-out strength. From the results of the measurement and the experiments, we summar- 
ized the points of attention of hanging and anchorage system to ensure the safety of road 
tunnels. 


1 INTRODUCTION 


In road tunnels, hanging and anchorage system is used to support electrical and mechanical 
equipment, including a jet fan shown in Figure 1. As shown in Figure 2, the system consists of 
turnbuckles, post-installed anchors and metal plates. If the heavy equipment should fall 
down, it would threaten the safety of tunnel users, leading possibly severe casualties. There- 
fore, the system must be properly designed, installed, inspected and repaired in the processes 
of tunnel construction and maintenance. 

In this research, we measured the tensile forces of six turnbuckles hanging a jet fan (weight: 
20kN) in an actual road tunnel in Hokkaido, Japan. We evaluated the differences between the 
measured tensile forces and the assumed ones in the design process. We could measure the 
fluctuations of the tensile forces when big earthquakes happened in Hokkaido in 2018. 


Figure 1. Jet fan in road tunnel. 
We also conducted pull-out tests of post-installed anchors driven in concrete under various 


conditions. In this paper, we report experimental results, focusing on the effect of cracks and 
fiber sheeting on the pull-out strength of the anchors. 
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Figure 2. Jet fan and its hanging and anchorage system. 


2 EVALUATION OF TENSILE FORCES OF TURNBUCKLES SUPPORTING JET 
FAN BY FIELD MEASUREMENT 


2.1 Overview of field measurement 


According to the technical standard of road tunnel and its interpretation -ventilation- (2008), 
it is recommended that the strength of hanging and anchorage system should be 15 times 
higher than the weight of a jet fan supported. We reviewed design documents of hanging and 
anchorage system supporting a jet fan in Japan, and confirmed the factor of safety 15 men- 
tioned above was satisfied in the documents. 

In order to validate the current design of hanging and anchorage system, we measured the ten- 
sile forces of turnbuckles supporting a jet fan in an actual tunnel by installing strain gauges on the 
turnbuckles as shown in Figure 3. The two-lane tunnel was located in Hokkaido, Japan and its 
length was approximately 1.7km. The diameter and the approximate weight of the jet fan were 
1,250mm and 20kN, respectively. As shown in Figure 4, TB2, TB3, TB5 and TB6 were turn- 
buckles to hang the jet fan; TB1 and TB4 were turnbuckles to stabilize the jet fan. The measure- 
ment started from February 2018. 


Figure 3. Measurement of turnbuckles. 


2.2 Measured tensile forces of turnbuckles in installation of jet fan 


The measured tensile forces of the six turnbuckles just after the jet fan was installed were 
shown in Figure 5. Here the assumed tensile forces were calculated from the weight of the jet 
fan and the hanging angles of the turnbuckles in the design process as shown below. 

Hanging turnbuckles, TB2, TB3, TB5 and TB6: 


TBo3 = W/4 x /1 + tan?a + tan?y x 9.8 = 2,000/4 x V/1 + tan214° + tan?33° x 9.8 = 5,969N (1) 


TBs = W/4 x /1 + tan?ß + tan2y x 9.8 = 2,000/4 x v1 + tan214° + tan245° x 9.8 = 7,037N (2) 
where W = weight of a jet fan = 2,000kg; 
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Figure 4. Location of measured six turnbuckles on plane view. 


a = hanging angle of TB2 and TB3 on y-z plane = 33°; 

£ = hanging angle of TBS and TB6 on y-z plane = 45°; 

y = hanging angle of TB2, TB3, TB5 and TB6 on x-y plane= 14° 

The tensile forces of stabilizing turnbuckles, TB] and TB4 were assumed to be zero if jet 
fan was not in operation. 

From the measurement results, the measured tensile forces of TB2 and TB3 were lower than 
the assumed ones. On the other hand, the measured tensile force of TB5 was 52% higher, and 
the measured tensile force of TB6 was 35% higher than the assumed ones. The tensile forces of 
the stabilizing turnbuckles, TB! and TB4 were measured as 0.38kN and 0.39kKN, respectively 
although they were low, compared with those of the hanging turnbuckles. 

There were differences up to 50% between the measured tensile forces and the assumed 
ones. Considering the factor of safety 15 of hanging and anchorage system mentioned in the 
previous section, however, it could be said that a certain level of safety was ensured here. The 
differences between the measured and assumed tensile forces were thought to be caused by the 
fact that the hanging and anchorage system was constant structure. The subtle differences of 
the angle of the hanging and anchorage system, the shape of concrete lining etc. between 
design drawings and actually installed structure should have influenced the distribution of the 
six tensile forces. More measurement would need to be conducted in the future; however, a jet 
fan and its hanging and anchorage system should be carefully installed, paying attention to 
these measurement results. 


12 
Z 10 
> 
% 8 
= 6 CI Measured in an actual tunnel 
oS . + 
@ 4 [E] Assumed according to calculations 
„r 
vw 
z 
a 2 
0 


TB2 TB3 TBS TB6 TBI TB4 


Figure 5. Measured and assumed tensile forces of six turnbuckles. 
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2.3 Fluctuations of tensile forces of turnbuckles at occurrence of earthquake 


On September 6, 2018, an earthquake, the magnitude of which was 6.7, occurred in Hokkaido, 
Japan. The maximum JMA seismic scale in Hokkaido was 7, and the JMA seismic scale 
nearby the tunnel was 4. The tensile forces of the six turnbuckles were successfully measured 
at the occurrence of the earthquake. The fluctuations of the tensile forces of representative 
TB4 and TB6 are shown in Figure 6. The maximum fluctuation of the tensile force of TB4 
was 0.24kKN when the earthquake occurred. The maximum fluctuation of the tensile force of 
the other stabilizing turnbuckle, TB1 was 0.18kN. On the other hand, the fluctuations of the 
tensile forces of TB6 and the other hanging turnbuckles were insignificant when the earth- 
quake occurred. 

The properties of an earthquake such as the direction of acceleration would need to be con- 
sidered, however it was found that the fluctuations of the tensile forces of stabilizing turn- 
buckles tended to be higher than those of hanging turnbuckles from this measurement. 
Compared with the tensile forces in normal conditions, it could be said that the fluctuations of 
the tensile forces measured here were almost insignificant. The tensile forces of the turnbuckles 
had been measured after this main shock, and any significant fluctuations were not measured at 
the all turnbuckles at the occurrence of aftershocks. This was thought to be because the max- 
imum magnitude of the aftershocks was 5.4 and the maximum JMA seismic scale was 3, which 
were both smaller than those of the main shock. More measurements would need to be con- 
ducted in the future; however, a certain level of safety against an earthquake was thought to be 
ensured if the JMA seismic scale was under 4 from this measurement. 
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Figure 6. Fluctuations of tensile forces of representative turnbuckles at occurrence of earthquake. 


3 EVALUATION OF EFFECT OF CONCRETE CRACK AND FIBER SHEETING ON 
PULL-OUT STRENGTH OF POST-INSTALLED ANCHORS BY PULL-OUT TEST 


3.1 Overview of pull-out tests 


We have conducted a series of pull-out tests of post-installed anchors driven in concrete under 
various conditions, for example, where the depth of the anchors driven in concrete was not deep 
enough, where the concrete was poorly made etc. (See Kusaka, A. 2016). There are various 
types of post-installed anchors, however, chemical anchors are not used to hang a jet fan in 
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Japan. In this research, we conducted pull-out tests of the post-installed metal anchors driven in 
concrete where a crack had been introduced to concrete, and additionally the crack had been 
reinforced by fiber sheeting, which was commonly used to repair old existing tunnels in Japan. 

We compared the experimental results between three cases shown in Table 1. Figure 7 
shows the flow of the experiments. As we already had a lot of experimental results under the 
condition of Case 1, we interpolated the pull-out strength of Case 1 as 41.9kN based on the 
compressive strength of concrete 29.2N/mm* instead of conducting the pull-out tests. In 
Case 2-1 and Case 2-2, and in Case 3-1 and Case 3-2, the experiments were conducted in the 
same way, but in the different period, respectively. Figure 8 shows the prepared specimen of 
Case 3-1, where a crack had been introduced to concrete, and then fiber sheeting was installed. 
We introduced the crack in concrete by hitting two chisels which had been embedded in con- 
crete. Then we expanded the 


Table 1. Test cases. 


Crack of concrete 


Case (width = 1.5mm) Fiber sheeting Number of tests 
1 Not introduced Not installed -X 

2-1 Introduced Not installed 3 

2-2 3 
3 3-1 Introduced Installed 3 

3-2 3 


X Pull-out strength was interpolated, using experimental results under the condition of Case 1. 


Concrete placing 


(Scale: 1.0m*1.0m*0.3m) 
Case 2 & Case 3 


Cassi Introduction of crack into concrete 


—> Installation of anchor at crack 
Installation of anchor 
at center of concrete 


—> Expansion of crack to 1.5mm 


Crack sealing 
— > Primary coating 
—> Fiber sheeting 


Installation of z-shape displacement 
transducer over crack 


Pull-out test 


Figure 7. Flow of experiments. 


3.2 Results of pull-out tests 


width of the crack to 1.5mm at the surface of concrete. The width was chosen as 1.5mm 
because it was shown that a crack, the width of which was less than 1.0mm, did not affect 
pull-out strength significantly, according to Nakamura et al. (2022). We conducted borings in 
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Figure 8. Specimen of case 3. 


concrete after the pull-out test. It was found that the length of the crack was approximately 
270mm in average, following that the crack did not penetrate throughout concrete. 

Figure 9 shows the results of the experiments, the pull-out strength of post-installed 
anchors. In the figure, the pull-out strength of Case 2 and Case 3 were expressed also as ratios 
in proportion to the estimated pull-out strength of Case 1. 


3.2.1 Effect of crack on pull-out strength 

It was found that the pull-out strength of Case 2, where a crack had been introduced, was 
reduced 30-40%, compared with that of Case 1. Concrete cone failure would normally have 
occurred if there had been no crack in concrete, as is widely known, for example, in the guide- 
line of post-installed anchor by Japan Society of Civil Engineers (2022). Due to the introduced 
crack, however, it was thought that the area of concrete resisting to the tensile load became 
about half as shown in Figure 10, leading to the reduction of the pull-out strength. Moreover, 
Nakamura et al. (2018) found the pull-out strength of anchors were affected by not only 
a crack intersecting an anchor but also a crack near an anchor if it was located inside the pro- 
jected circle the diameter of which was the depth of the anchor. Therefore, an anchor should 
not be driven near cracks in concrete in installation. Furthermore, in the process of mainten- 
ance, tunnels in Japan are inspected basically every five years based on laws and regulations. 
The conditions of concrete lining as well as hanging and anchorage system are inspected, diag- 
nosed and recorded according to the periodic inspection guidelines for road tunnels (2019). 
The guidelines already noted the importance of inspecting the conditions of concrete including 
cracks around an anchor, but it was supported by the results of the experiments. 
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Figure 9. Pull-out strength of post-installed anchors. 
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Figure 10. Failure condition of concrete with introduced crack. 
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Figure 11. Relationship between opening of crack and tensile load. 
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Figure 12. Condition of anchors after pull-out test. 


3.2.2 Effect of crack on pull-out strength 

The pull-out strength of Case 3-1 was approximately 90% of that of Case 1. It can be said that 
the pull-out strength was almost recovered by fiber sheeting from this result. Figure 11 shows 
the relationship between the opening displacement of the introduced crack, which was meas- 
ured by m-shape displacement transducer, and the tensile load. The opening displacement of 
the induced crack of Case 3-1 was reduced approximately 40% to that of Case 2-1. As a result, 
it was thought that the friction between an anchor and the wall of concrete was ensured in 
Case 3-1, leading to the recovery of the pull-out strength. 

On the other hand, the pull-out strength of Case 3-2 was much lower than that of Case 3-1, 
although the tests of the two cases were conducted in the same way. We compared the representa- 
tive conditions of the anchors after the tests were conducted as shown in Figure 12. The sleeve of 
Case 3-1 was greatly deformed as the anchor bolt got into the sleeve. The sleeve of Case 3-2, on 
the other hand, was not completely deformed as the anchor bolt did not get into the sleeve. Add- 
itionally, adhesive material was observed on the sleeve of Case 3-2, and was thought to be primer 
adhesive agent used in fiber sheeting. The void and the crack around an anchor were filled with 
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sealing material before fiber sheeting both in Case 3-1 and Case 3-2. However, in Case 3-2, more 
primer adhesive agent possibly permeated into the void and the crack around an anchor. As a 
result, it could be thought that both the anchor bolt and the sleeve were pulled out together in 
Case 3-2, leading to the lower pull-out strength. In an actual tunnel, primer adhesive agent would 
be less likely to permeate into the void and the crack around an anchor as it is injected upwards 
vertically. However, considering capillary action, it should be important to fill the void and crack 
near an anchor carefully before fiber sheeting, according to these experimental results. 


4 CONCLUSIONS 


In this paper, we report the results of the field measurement in an actual tunnel and pull-out 
tests, regarding hanging and anchorage system supporting a jet fan. 

From the measurement of the six turnbuckles supporting a jet fan, it was found that there 
were differences up to 50% between the measured tensile forces and the assumed ones. The differ- 
ences were thought to be caused by the subtle differences of the angle of the hanging and anchor- 
age system between design drawings and actual structure. However, it can be said that a certain 
level of safety was ensured, considering the factor of safety 15 in the design of the system. 

The fluctuations of the tensile forces of the six turnbuckles were also measured when the 
earthquake, the JMA seismic scale of which nearby the tunnel was 4, occurred. The maximum 
fluctuation of the tensile force during the earthquake was 0.24kN measured at a stabilizing 
turnbuckle, TB4. It was found that the fluctuations of the tensile forces of the stabilizing turn- 
buckles tended to be much higher than those of the hanging turnbuckles. From the results of 
measurements accompanied with this earthquake and its aftershocks, the fluctuations of the 
tensile forces of the turnbuckles were almost insignificant, compared with the tensile forces in 
normal conditions. 

From the pull-out tests of post-installed anchors driven in concrete focusing on the effect of 
an introduced crack and fiber sheeting, it was found that the crack intersecting an anchor 
could reduce approximately 30-40% of the pull-out strength. It was also found that fiber sheet- 
ing could almost recover the pull-out strength by reducing the opening of the crack. However, 
more importantly, it could rely on the preparation work of fiber sheeting, to say filling the 
void and crack around an anchor with sealing material. 

We are summarizing the points of attention of hanging and anchorage system that we need 
to pay in the process of design, construction and maintenance respectively in order to ensure 
the safety of road tunnels based on these research results. 
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Earth, Fire, Water, Wind: Addressing insurance expectations by 
pro-actively taming the four elements 


T. Konstantis 
Risk Engineering Consultant, Marsh Specialty, London, UK 


ABSTRACT: All underground works are exposed to diversified risks, with the overall “risk 
profile” depending upon several factors, such as complexity, configuration, layout, major 
interfaces, etc. Each structure, including both temporary and permanent works, can be 
adversely affected, necessitating a bespoke and dedicated approach. This paper elaborates in 
depth on the four major hazard sources (namely earth, fire, water, wind), describes their sali- 
ent characteristics and properties and delineates the various ways that the project can be 
affected, with any adverse outcome impacting the critical project areas such as cost, time, 
quality, health & safety, etc. 

Nevertheless, these adversities can be proactively moderated by experienced risk engineers 
with the use of comprehensive and well-recognized guidelines, the timely provision of benefi- 
cial feedback and articulation of targeted loss control recommendations. The final achievable 
outcome is the reduction of the total cost of risk with tangible benefits to all project 
stakeholders. 


1 INTRODUCTION - GENERAL 


All civil engineering project, including underground works, face various risks and are exposed 
to alternating and constantly evolving hazards throughout their materialization period. Given 
the multilateral and complex nature of these projects, some prevalent hazards stand out with 
each one capable of affecting the salient structures of a project in many different ways. 

For example, a metro (railway) and/or a highway project comprise extensive and sizeable 
underground, at-grade and elevated structures, both temporary and permanent. Dependent 
upon the location of the structure, the four key hazard sources, such as fire, wind, earth and 
water can have a destabilizing influence and create loss events manifested in different man- 
ners. In turn, these losses can have sizeable financial (cost) and time-related (delays) conse- 
quences, occasionally onerous for all major stakeholders (such as project owner, insurers, etc). 
These risks require a bespoke approach tailored to the special characteristics of each one of 
them and can be approached on a stand-alone and/or combiner manner. For their efficient 
management dedicated and specialized tools and guidelines can be used, addressing both the 
general and distinct set of eventualities, as presented and explained hereinafter. 


2 TUNNEL FAILURES - INSURANCE LOSSES 


2.1 Tunnel hazard sources 


Failures and accidents are inadvertently a possible and realistic eventuality for all civil and 
underground projects, despite the thorough elaboration and attention given on the design, 
management and mitigation side. Moreover, the losses can be quite resounding hosting the 
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potency of shaping the details and determining the terms & conditions of an insurance 
product. 

Based upon previous experience and lessons learnt, there are some clearly influential factors 
that could drive these losses. In brief, these are succinctly as follows: 


e Natural Ground & Geology 

* Construction Approach & Method 

* Design Element & Concept 

e Construction Quality & Workmanship 

e Natural & Environmental Hazards 

¢ Third Party Exposures 

* Other Project Features and characteristics 


2.2 Prominent tunnel failures & losses 


Under specific conditions and circumstances, the above-mentioned hazards could be proven 
very impactful and catastrophic, especially in more complex projects. The consequential and 
collateral damages could also be very extended, both in financial (cost) and time-related (delays) 
terms. For the sake of clarity and good order Figure 1 below presents a succinct list of publicly 
available information of some of the most prominent tunnel failures and subsequent losses 


Delay 
(months) 


insured Loss 
(USD) 


Project Insured Loss 


(USD) 


Cause 


Delay 
(months) 


Taegu Metro Retaining wall collapse 
Munich Metro Collapse 2003 | Shanghai Metro 
k 
1994 tema he NATM collapse 141m ‘i 44 | | 2004 | Singapore Metro | Retaining wall collapse 36 
e eiia | Kaohsiung Metro | Cross passage collapse Tom | 24 | 
1994 | Taipei Metro Retaining wail collapse 12m 12 


Sao Paolo Metro | NATM collapse 


Figure 1. Prominent historical tunnel failures and insurance losses (compilation of publicly available data). 


3 INSURANCE PARTICULARS & CONSIDERATIONS 


As alluded to earlier, insurance is a very critical and integral part of an underground project, 
which cannot be realized without the required insurance protection in place. However, insur- 
ance is not an “idle” or “stagnant” necessity, but instead “live” and “adjustable” so as to meet 
the constantly changing project requirements. 

Hence, in order to understand the importance, usefulness, strength and limitations of an 
insurance product, we need to obtain a clear picture of its historical background, its salient 
features and important factors in the context of existing volatile market conditions and fore- 
seeable trends. 


3.1 Brief historical background 


The landscape of the insurance industry has been shaped, to a significant degree, among 
others by the post-loss experiences and the consequential knock-on effect on the insurance 
companies. A key and illustrative example is Heathrow Express Link collapse, where on 
a 90m USD contract value the insured loss reached approximately 140m USD. This stand- 
alone incident raised burning issues around the insurability particulars of tunnelling projects, 
introducing strict limitations and exclusions. A characteristic example of such an imposition 
pertains to the reinstatement cost, which was onerously and restrictively limited to a small 
fraction of the initial construction cost. 
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3.2 Salient features — important factors 


Each insurance policy features some ‘generic’ and ‘overarching’ items, which are replicated in 
almost all policies. Nevertheless, their details and special conditions are differentiated on 
a case-by-case basis so as to address the particularities and needs of each individual project. 
Some of the key items and topics are briefly explained hereunder. Insurance premium is the 
amount of money the Insured pays to the Insurer in order to obtain the required insurance 
coverage. 

The level of premium is defined upon several factors, including the project complexity, 
extent and configuration of underground works, experience of the designer and contractor, 
project value, etc. However, a key parameter is also the existing market conditions and trends 
along with the overall market capacity and insurer’s risk appetite. 

In many cases, it is important to clearly define the basis of indemnity for the specific tunnel 
works and establish the Tunnel Works Limit. This is very critical for the underground works 
activities and the level of indemnity to be provided. The best practice is to link it with the 
execution of a PML Study in order to overcome the hurdles and shortcomings posed by the 
onerous “proportionate” approach, which caps the provided indemnity to a strictly a small 
percentage of the initial construction cost and avoid any looming underinsurance. Another 
factor that can significantly affect the insurance cost is the level of deductibles (level of risk 
retained by the Insured). Different insurable risks may be attributed varying level of deduct- 
ibles, which can drive upwards or downwards the insurance cost. 

Equally, the Insured’s track record and/or the loss history of a specific project type (e.g 
hydros) can have a notable effect on the particulars of the provided insurance coverage. Simi- 
larly, the loss ratio of each individual Insurer is a key driver for their participation in 
a specific account or the level of their risk appetite. 


3.3 Insurance market conditions — current trends 


International insurance market is not separated and segregated from the tunnelling industry 
but on the contrary tries to follow its developments and progress. Nevertheless, there is 
always a time-lag between them, whilst in cases a more adamant and stifled stance could exist 
as triggered by preceding accidents and notable insurable losses. This notion could be further 
exacerbated in the case of highly sophisticated and complex machinery and/or when innov- 
ations and novelties are introduced in the construction practices. 

Similar changes have been recently reflected in the legislative and procurement field, with 
various contract suites aiming at keeping pace with them. Specific or additional requirements 
are introduced in combination with an explicit emphasis on the multilateral collaborative 
approach and a clear addition on risk perception and risk allocation concept (e.g FIDIC 
Emerald Book). 

Another critical factor determining the risk appetite of the international insurers is their 
financial robustness and rating and their exposure (risk line) to other projects. Current condi- 
tions in the insurance market are quite hard and cumbersome, especially in relation to specific 
type of projects, which have experienced an elevated loss ratio and sizeable insurable losses (e. 
g Hydro power projects). This has led to several insurance companies withdrawing their busi- 
ness line from the insurance market or significantly changing their stance with stricter under- 
writing preconditions and subjectivities. This could be translated into more coverage 
exclusions, heavier limitation, increased pricing, firmer requests for information & documen- 
tation and more onerous and burdensome compliance with international guidelines (such as 
the Tunnelling Code of Practice). 

All the above create a rather ominous environment with hefty and onerous conditions for 
the project and its stakeholders, which requires a bespoke and intensified effort to be properly 
and effectively addressed. Key role in this process holds risk engineering with its capabilities 
and tools to navigate the project through these hardships and into safer havens. Pivotal role in 
this plays risk engineering’s capability of addressing the most prominent hazard sources that 
drive the majority of the preceding losses, as will be thoroughly explained hereinafter. 
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4 RISK ENGINEERING CONTRIBUTION 


4.1 Risk engineering management 


As alluded to earlier, the best possible outcome can only be achieved in a timely and profes- 
sional manner by implementing a well-structured and bespoke approach, as exercised by an 
experienced and highly qualified Risk Engineer ideally with a substantial presence in the insur- 
ance industry and a long tenure on the engineering industry both in the design & construction 
fields. Emphasis ought to be given on the four major hazards sources, their distinct character- 
istics, the most plausible ways the project can be affected and the actions to be taken to miti- 
gate these adversities. The following sections elaborate on the aforementioned topics and 
provide a detailed insight on some of the most powerful and well-recognized tools that can be 
used to manage the lurking risks and alleviate any negative consequences. 


4.2 Earth -— ground conditions 


Since all civil engineering projects have a clear interaction with the ground (‘Earth’), the existing 
ground conditions are considered one of the most impactful hazard sources, requiring 
a multilateral and integrated approach rather than a stand-alone stance. Due to the diversifying 
manifestations of the ‘ground-structure’ interaction, this topic ought to be evaluated holistically 
with consideration given on all major aspects, such as geological reconnaissance, design & con- 
struction methods, risk management particulars, quality control, etc. An indicative picture of 
the impact of the construction method to the tunnel collapses is shown on Figure 2 below. 
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Figure 2. Tunnel collapses & construction method (a) Konstantis et al, 2016, (b) Spyridis & Proske, 2021. 


There are several well-established, proven and worldwide-recognized tools that can assist 
the Risk Engineer in accomplishing his goals and reach an optimum outcome. Two of the 
most renowned ones are the “Code of Practice for Risk Management of Tunnel Works — 
TCoP (ITIG 2012)” and “ITA — AITES Guidelines for Tunnelling Risk Assessment, 2006”. If 
used prudently and methodically, they can significantly improve the project’s position and 
insurability and additionally reduce tunnel failure frequency in the long term. In this paper, 
we will elaborate and focus only on the TCoP and the way it can be utilized to achieve the 
best-possible outcome. The TCoP is a very powerful and extremely useful document in man- 
aging risks in a tunnel project. It is the most frequently used and advocated document in the 
insurance industry when contemplating and structuring an insurance policy. 

It is a long-lasting document with proven and continuous contribution in the reduction of 
the tunnel failures frequency and consequences (both cost & time). Like other documents, it 
has to be used prudently and methodically, with any drawn conclusions aligned with the busi- 
ness model and particularities of each individual project. The main objectives of the TCoP 
include promotion of best practice in risk management and reduction of accident’s occurrence, 
elaborating on the impact to third party properties & infrastructure and cooperation with and 
complementarity of existing legislation and regulations. 
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By streamlining the envisaged project’s development plans and procedures, the Code can 
deliver significant value in the identification of the lurking hazards and dictate the way for 
properly mitigating them based upon the ALARP (As Low As Reasonably Practical) principle. 
The recognition of cascading the risk registers through all project stages creates a seamless 
transition of the initial information, which is then further populated with the progress of the 
project. The clear allocation of risks and responsibilities helps with avoiding ambiguities and 
omissions, which could jeopardize the safety and integrity of the project. Concluding it can be 
inferred that the above-described approach may be extremely useful both during the insurance 
policy pre-placement period (early identification of hazardous eventualities) as well as during 
the actual construction duration (‘real time’ administration of risks), as elaborated by Kon- 
stantis, 2019. 


4.3 Fire — natural hazard 


Fire is one of the most catastrophic events to all projects and facilities, both underground, at- 
grade and elevated structures. Depending upon the fire load, the configuration & layout of the 
impacted asset, the local environmental conditions, the protection and safety measures imple- 
mented, the preparedness and emergency action plans and other factors, the aftermath can 
range from trivial to a complete and total loss. 

Based upon previous works carried out by Konstantis et al (2016) and Spyridis & Proske 
(2021), fire is estimated to contribute around 8% to 17% of the total tunnel failures (see 
Figure 3 below). However, this percentage could be significantly higher in case all fire inci- 
dents related to a tunnelling project (e.g. Stations, Power substations, Warehouses, etc) are 
co-evaluated. 
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Figure 3. Distribution of tunnel failure types (a) Konstantis et al, 2016 & (b) Spyridis & Proske, 2021. 


Every year there are numerous major fires on construction sites and also in buildings under- 
going refurbishment. As already alluded to, all incidents are potent enough to have serious 
consequences with bodily injuries and/or fatalities, property damage and losses up to complete 
loss, significant project delays, etc. Regretfully, some of the “usual” and “typical” measures 
implemented, in many cases these are often arbitrary, insufficient, inadequate and/or inappro- 
priate. In order to cope with these inconsistencies and incompliances, a dedicated and compre- 
hensive guide titled: “Fire Prevention on Construction Sites — The Joint Code of Practice on 
the Protection from Fire of Construction Sites and Buildings Undergoing Renovation, 9" 
Edition, 2015” can be used. 

The objective of the Code is the prevention of fires on construction sites. The majority of 
fires are preventable by designing out risks, taking simple precautions, and by adopting safe 
working practices. All parties involved must cooperate to ensure incorporation of adequate 
detection & prevention measures during design and contract planning; and that work on site 
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is undertaken to the highest standard of fire safety, thereby affording the maximum level of 
protection to the building and its occupants. The Code applies to activities carried out prior 
to and during the procurement, construction & design process — not the completed structure — 
and should be read in conjunction with all valid legislation and standards. In this paper, we 
elaborate more on the design and the construction phases, which are the most important 
periods to effectively deal with fire. 

At the design stage, consideration ought to be given on identifying all potential risks and on 
managing them in accordance with the following indicative thoughts: 


¢ Fire load reduction through usage of non-combustible and non-flammable material 
e Minimization of hot works on site and limitation to the designated areas only 

e Prevention of any fire/heat/smoke dissipation to neighbouring project sections 

e Proper design of designated and safe emergency evacuation passages and routes 

e Proper fire detection/alarm/firefighting systems throughout all construction period 


During the construction phase, the Code includes a very thorough and comprehensive check- 
list with specific details on every critical and major topic which can be effectively utilized. Indi- 
catively, some of the most important items discussed in the Code are presented below: 


e Responsibilities allocation to “Responsible Person”/Fire Marshals 

e Fire Safety Plan based upon detailed risk assessment 

e Liaison with the Emergency Services/Fire Brigade 

e Emergency response plans & procedures, paperwork and site implementation 

e Fire protection plans encompassing escape routes, fire compartmentation, signs, etc 
e Designated handling/storage/use of hazardous material 

e Properly erected and protected site facilities, such as offices and accommodation 

e Management of Hot Works, electricity & gas, smoking, etc 


4.4 Water — natural hazard 


Similarly to fire, water can be a significant and very worrying cause of damage. However, con- 
trary to fire, water can have an immediate impact (e.g. water impounding, flooding, etc) and/ 
or post-dated and delayed implications (such as water infiltration, seepage, moisture, erosion, 
etc). Moreover, depending upon the type and location of the structure, a different water 
source can be proven catastrophic. In the underground premises, the underground water 
(aquifer) can cause flooding but also be environmentally harmful (e.g. chlorides, sulph- 
ates, etc). 

In the at-grade and elevated premises, the main hazard source is pluvial water (rainfall), 
combined with any run-off water from neighboring areas. These structures can also be influ- 
enced by underground water in the form of uplift (buoyancy) and/or any other interference 
with their foundations. Furthermore, “man-made” water (such as the water running across 
the facilities (both underground, at-grade and elevated) through the installed piping network 
(such as main water supply, drainage, firefighting, etc) can cause extensive damage and hence 
needs to be managed and controlled accordingly. This eventuality becomes more disastrous 
when such an incident occurs near the completion of the construction and prior to the hand- 
over for operation (Testing & Commissioning period), due to the maturity status of the pro- 
ject and the high accumulated values. 

This section of the paper deals primarily with the “man-made” water and focuses on the 
risks pertinent to escape of water. A very comprehensive document (best practice guidance), 
which is publicly available, titled: “Managing Escape of Water Risk on Construction Sites, 
5th Edition, November 2019” has been created by CIREG (Construction Insurance Risk 
Engineers Group) and is also endorsed by the UK CAR Underwrites Group. The document 
provides advice on the mitigation of escape of water risks on buildings undergoing construc- 
tion and refurbishment during both the design (pre-construction) and construction phases. 
The guidance is intended for commercial and multi-tenure residential developments though 


3170 


some of the advice may be equally applicable to housing developments and enclosed, serviced 
areas of civil engineering projects. 

It outlines some of the ways in which the industry can tackle the root cause of the escape of 
water problem and to suggest ways in which organizations and individuals can mitigate the 
effects should an incident occurs. However, external water sources are not forming part of its 
scope (that is integrated into the management endeavor of the “Earth” section) but must also 
be considered. 

The main core (subject-matter) of the Guidance unfolds around the preparation of 
a “Water Management Plan” (combined with any Emergency Management Plan in case of 
escape of water), which many of the projects are lacking or have underdeveloped. There are 
many reasons for water leaks and damages, with the most prominent ones being the lack of 
awareness and insufficient risk management from design through operation, insufficient site 
management, lack of proper work permits and supervision, poor workmanship and unsuitable 
(sub-standard) material, etc. 

The key to addressing the problem is the allocation of sufficient resources to the identifica- 
tion, analysis and avoidance/mitigation of the risks associated with the escape of water. The 
management of the escape of water risk should take a prominent place in the project’s risk 
register, with clear distinction between the temporary water supply and permanent works 
water systems. 

A proper & acceptable “Water Management Plan” should include the following, as 
a minimum: 


¢ Appointment of ‘Responsible Persons’ to manage the escape of water risk 

e A risk assessment process for mitigating exposures at the design phase 

¢ The selection of competent contractors 

* Quality control throughout material storage, installation and testing 

¢ Identification, implementation and maintenance of any mitigation measures 
¢ Emergency response plans 

e Regular reviews to ensure mitigation measures remain appropriate 


The areas where due care and attention is (and should be) given are the following: 


i. Management: Mainly relating to the “Competent Person” attributed this task 

ii. Design: Mainly concerns the handling of the water distribution systems, etc. 
iii. Workmanship/Installation: Regulations & standards, adherence to the design, etc. 
iv. Quality: The subcontractors’ selection criteria and qualifications, work permits, etc. 

v. Testing & Commissioning: Fully documented tests, inspections & approvals, etc. 
vi. Mitigation: Emergency plans, temporary vs. permanent, automatic vs. manual, etc. 
vii. Emergency Situations: Clear plan & procedures, post-accident investigations, etc. 


4.5 Wind- natural hazard 


Wind is a very powerful and unpredictable (of stochastic nature) hazard source. The wind 
impact depends (either in the form of sustained wind and/or wind gusts) upon the phenomen- 
on’s intensity, the layout & configuration of the project, the location (geographic region) of 
the project, the nature & type of its exposure to wind (e.g windstorms, hurricanes, typhoons, 
tempest, etc), the protection and safety measures, the preparedness level and emergency 
response plans, etc. 

The weather can play a huge role in dictating whether or not it is safe to be working out- 
doors. Working in high winds is a risk that unfortunately is less discussed, but it can be just as 
deadly to ignore. Workers need to know the associated risks and hazards, and how to best 
mitigate them. Severe windstorms are highly dangerous, and some gusts can be very unpre- 
dictable, blowing in suddenly and taking workers off guard. These storms are often a result of 
straight-line winds, which is any thunderstorm wind that blows constantly between 10 and 
40mph with sudden blasts of 50mph or more at any moment. 
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As alluded to earlier, the hazards associated with high winds depend upon the specific type 
of works and the worksite’s particularities. In general, the main risks and hazards associated 
with wind are briefly presented below and cover both the physical damage and occupational 
health & safety aspects. 


e Bodily injuries (e.g broken bones) from forcefully pulled objects from operator’s hands 
e Objects being blown around and hitting workers or members of the general public 

° Slips, trips and falls due to workers reaction on falling or blown around objects 

¢ Eye injuries due to dust and debris flying around 

e Dropped loads due to wind affecting the completion of lifts — sway of suspended loads 

* Objects (potentially heavy ones) being blown from elevated surfaces 

e Collapse of temporary structures, such as scaffoldings 

e Collapse of tall structures, such as tower cranes 

e Extensive damage and/or collapse of ‘impaired’ structures (such as old warehouses, etc) 


Despite the broad range of affected structures and manifestations of the impact, this section 
of the paper concentrates on the important topic of tower cranes, the way wind affects them, 
the subsequent consequences and mitigation measures to avoid a loss. The consequences of 
any failure of a tower (and/or mobile crane) are likely to be extremely serious with the poten- 
tial for material damage, multiple fatalities and potential delays which could trigger an 
ALOP/DSU claim. 

There are several regulations and legislations issued with regards to tower cranes, with sev- 
eral duties placed by law on the “Liable Person”, including those who supply, install and 
maintain tower cranes for use, those who undertake thorough examinations and those 
involved with the use of tower cranes for the various lifting operations. A comprehensive list 
can be found on the “CPA Best Practice Guide, 2008”. 

A succinct guideline has been prepared by CIREG titled: “Inspection Safety Guide for 
Insurance Loss Control Engineers & Surveyors”. As cited, this guidance note is intended to be 
used by Insurance Loss Control Surveyors/Engineers as an aide memoire to assist in the 
review of procedures and crane management provided by the Insured. The guidance note 
intends to provide the Loss Control Inspector with the basic knowledge to understand the 
legal requirements and what you should expect to find when reviewing the systems and pro- 
cedures provided by the Insured. 

This aide memoire provides a comprehensive list for mitigation and action measures to be 
implemented, as best practice, in the direction of preventing an accident. In brief, the key 
items of concern (take-away points) are described below: 


a. Project Lifting Plans: Anti-collision arrangements, safe working loads, lift permit, etc 

b. Method Statements/Risk Assessments: It relates to a suitable methodology accompanied by 
a bespoke hazard identification & risk assessment addendum. 

. Temporary Works: Temporary works sign-off, including crane bases & foundations. 

. Site Induction Talks: Execution of regular (dailylweeklyletc) site induction talks 

. Construction Team Skills: Minimum acceptable competencies & designated training. 

. Health Issues: Health status and periodic checks of operators, druglalcohol tests, etc 

. Thorough Examination Certificates: Checks/Thorough Examinations (TE) to be conducted 
post-crane erection, determination of the Safe Working Load (SWL), etc. 

. Maintenance Inspections: Maintenance regime, regular inspection logs, audits, etc. 

. Crane History Logs: History file of tower crane with data about the age, service & mainten- 
ance, TE Certifications, components replacement, major overhauls, etc. 


=.. D n =o Aao 


Given the impact wind can have on tower cranes and any suspended loads/weights, it is also 
imperative to implement a wind speed measuring plan (using crane-mounted anemometers or 
other wind-speed monitoring devices). As the wind pressure exerted on the tower cranes and/ 
or suspended loads is also a multiple of the wind speed, the operator’s sane and quick judge- 
ment (in cooperation with the appointed responsible person) on deferring the lift and/or pre- 
cautionary take the crane out of service can be fundamental in avoiding catastrophic 
accidents. Correct evaluation of any early warning reading and prompt actioning by securing 
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the crane and ensuring the minimum wind impact (e.g allowing the crane to “weathervane”’) 
can save lives, prevent property damage and avoid project delays. 


5 CONCLUSIONS - TAKE AWAY POINTS 


This paper attempts to provide a detailed insight into the four major hazard sources that can 
substantially affect a tunnelling project, impacting both its underground and above-ground 
structures. Due to the complex nature and configuration of the project along with the multi- 
diversity of its structures, the impact can be manifested multilaterally and with varying conse- 
quences. Hence, their timely, pro-active and sufficient management is of utmost importance, 
based upon a structured approach and with the use of dedicated tools. 

As clearly demonstrated, there are well-established and renowned aids (guidelines) that 
address the specific requirements and discernible needs stemming from each major hazard 
source. Each one elaborates on a specific set of information requests and actions to be under- 
taken, which are considered essential in dealing with the foreseeable risks and adequately miti- 
gate them. Of course, these stipulations are only supportive and informative and do not 
negate or abolish other requirements described in the valid regulations and standards. 

History has proven that the meticulous implementation and prudent usage of these docu- 
ments can have invaluable benefits to the project, minimizing the likelihood of an accident, 
mitigating any consequential damage and overall leading to the reduction of the total cost of 
risk. 
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ABSTRACT: Metro station constructed in rock strata is composed of a group of tunnels, mining 
at the levels both station hall and platform connected via horizontal passages, vertical shaft, and 
escalator corridors between them. There is sudden change in structural stiffness at a junction of vari- 
ous tunnel cross-sections. The joint of the junction may be sensitive to earthquake excitation. In this 
experimental investigation, shaking table test of a stratum-station model with geometric similarity 
ratio of 1:30 was carried out. The model materials of the stratum and the tunnel structure were 
selected following similitude law. The acceleration responses of the model and the strain of the struc- 
ture were observed at key locations, when the seismic motion is input in the direction along the cross 
section of the station. The lateral input of synthetic seismic waves has a significant amplification 
effect on the ground model in the region of 15~30Hz. The spectrum characteristics of measurements 
show that the acceleration magnification of the stratum increases in the vertical direction till ground. 
At the junction between the station tunnel and the vertical passage the amplification effects of accel- 
eration are more obvious than that at another portion. At the spandrel of the lower section of the 
vertical passage the maximum strain response is the largest. 


Keywords: Metro station, Tunnel-group, Seismic performance, Shaking table test, Rock 
engineering 


1 INTRODUCTION 


The seismic performance of rock underground projects is significantly better than that of sur- 
face buildings due to the strong confining effect of the geotechnical medium (Hashash et al., 
2001, Pakbaz and Yareevand, 2005). Nevertheless, seismic damage investigations still found 
that the seismic action led to damage, destruction and even complete collapse of the under- 
ground cavern support structure and surrounding rock. For example, the 1923 Kanto earth- 
quake in Japan caused cracks in the lining of the Namutani Tunnel throughout the cavern, 
with the bottom slab bulging up to | m and the section shrinking up to 50 cm(Wang and Pan, 
2022). The 2008 Wenchuan earthquake damaged more than one hundred tunnels, and serious 
damage occurred in 13 of the 18 tunnels investigated on the Duwen Highway alone. Among 
them, the Longxi tunnel, 49 km from the epicenter, had severe concrete cracking at the cavern 
entrance, misalignment of the lining, cracking and spalling of the chamber lining, and 
a maximum floor rise of 1.2 m(Yu et al., 2016a, Yu et al., 201 6b). 

Since the seismic response of underground structures is mainly controlled by the deformation 
of the surrounding rock and soil, large deformation differences due to sudden changes in stiff- 
ness are prone to occur at abrupt cross-sectional parts of the structure (e.g., at the connection 
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between subway stations and tunnels), threatening the safety of underground structures. In the 
1995 Hanshin earthquake, a misalignment of the joint structure occurred at the connection 
between the NTT Sannomiya shield tunnel and the shaft, which caused the destruction of the 
tube sheet joint and a serious water leakage accident(Iida et al., 1996). Therefore, special atten- 
tion needs to be paid to the seismic performance of the junctions where are sudden change in 
cross-sectional stiffness of underground structures. Scholars have made many research results: 
Ma et al (2017) studied the seismic response of joints between subway stations and tunnels by 
means of shaking table tests and numerical simulations, and analyzed the weak parts of the seis- 
mic resistance of station structures and the influence of joints on the internal forces of members. 
Zhang et al (2019) studied the different responses of the special structure at the junction of the 
shaft and the tunnel during the occurrence of earthquakes through shaking table tests. 

Existing studies on station-tunnel connections have focused on the seismic characteristics of 
shield tunnel-shaft connections, while little attention has been paid to metro stations and con- 
nectional passages in rock site. This paper presents shaking table tests on discrepant responses 
of a tunnel-group metro station in rock site under transverse excitations. The test is designed 
at the scale of 1:30. The model material of the stratum was selected from foaming concrete 
and the model material of tunnel structure was selected from gypsum and diatomite in 
a certain ratio. The acceleration responses of the model stratum and tunnel structures, as well 
as the strain of the structure were observed at key locations. 

This paper takes a metro station as the engineering background in Qingdao, China. The 
station adopts the structural form of separated hall and platform, the length of the main hall 
tunnel is 183m, the length of the platform tunnel is 169m, the burial depth of the vault of the 
double-layer section at the hall is 15m. The hall and platform are connected by several inclined 
and horizontal passages, forming a tunnel-group space structure, this type of metro station 
form is relatively rare. Passengers travel between the hall and platform through the inclined 
passages, and interchange between the left and right lines through the horizontal passages, 
while the air duct connects the hall and platform for air exchange in the station. The prototype 
structure for this test is shown in Figure 1. 


) | isatine paasege 
| | (escalator corridor) | 


Figure 1. Schematic diagram of station structure section. 


2 TEST DESIGN 


2.1 Test facilities and scaling relations 


It is difficult to obtain a simplified analytical solution due to the complex force in the station. 
In order to simplify the scale of the test, half the length of the station is intercepted longitudin- 
ally, focusing on the interconnection of the horizontal passage, escalator corridor and tunnel. 
Shaking table test was conducted on the multi-functional shake table system of Tongji Univer- 
sity. The size of the shake table is 4 m long and 4 m wide. Load capacity of the shake table is 25 
ton. Maximum acceleration output is 1.2 g. Operation frequency ranges from 0.1 Hz to 50 Hz. 
The table has six degrees of freedom in horizontal plane, namely, transverse, longitudinal and 
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vertical. The test system is shown in Figure 2. The external dimensions of the model are 3m long, 
3m wide and 2m high. The bottom plate is made of reinforced concrete, the external dimensions 
are 3.8m long, 3.8m wide and 0.25m high, which is fixed to the shaking table with bolts. 


Figure 2. Test system: (a) schematic diagram of the shaking table and (b) model fixed on the shaking 
table. 


Constrained by testing conditions, shaking table tests on tunnels have always been 
performed on scaled models. The similitude relations in this paper are obtained through 
both the governing equation method and the Buckingham-n theorem. The specific deriv- 
ation process could be found in Yan’s paper(Yan et al., 2015). Table 1 contains the 
major similitude relations adopted in this test. Similitude ratios of geometry and acceler- 
ation could be predetermined according to conditions of the testing facilities. They are 
1/30 and 1/1, respectively. 


Table 1. Scale factor of model to prototype. 


Physical quantities Symbol and Expression Scale factor 


Geometrical dimension Sı 1/30 
Density Sp 1/3.33 
Dynamic shear modulus Se 1/100 
Elastic modulus Se= SG 1/100 
Acceleration Sa = SGS7' S3! 1/1 
Time Si = SiS! Sg? 1/5.48 
Frequency Sy = S7 fsh . 5.48/1 


2.2 Design of the ground model 


As for the simulation of the surrounding rock, foam concrete could be the optimum material 
due to its reproducibility of the mechanical properties of the rock and low density to meet the 
requirements of bearing capacity(Chen et al., 2020). The foam concrete is made of cement 
paste, foam and water. Significant work was performed to test the properties of it with various 
density and then the specimen with cement density of 720 kg/m? was selected. Table 2 shows 


Table 2. Properties of prototype rock and foam concrete. 


Density Elastic modulus 

(kg-m™) (MPa) Poisson’s ratio 
Prototype rock 2550 11000 0.3 
Theoretical value 765 110 0.3 
Foam concrete 720 112 0.3 
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the properties of foam concrete and the prototype rock. The elastic modulus of the foam con- 
crete is close to the idealized model calculated by similitude ratios. 


2.3 Design of the tunnel model 


As a common material for model preparation, gypsum is easy to process, has good plasticity, 
and has a wide range of material properties. Pure gypsum cannot meet the physical and mech- 
anical parameters required for this test. Therefore, diatomite is added to the gypsum as a light 
aggregate to reduce the material density while improving its mechanical properties. 

The station lining is made of concrete C45. When making the structural model, water, 
gypsum and diatomite were made into 6 groups of standard specimens according to a certain 
mass ratio. The specimens were standard cylindrical specimens with a diameter of 50 mm and 
a height of 100 mm. Through the material property test, the elastic modulus, Poisson’s ratio 
and other parameters were measured. The physical and mechanical parameters of the model 
and prototype structure are shown in Table 3. In this paper, the mass ratio of water, gypsum 
and diatomite is selected as 1.6:1:0.1 as the ratio of the tunnel structure model of this test. 


Table 3. Physical-Mechanical Parameters of Prototype and Model Structures. 


No Mass ratio of water, gypsum Density Elastic modu- Poisson’s 
` and diatomite (kgm™) lus (MPa) ratio 
Model © 1.4:1:0.1 810 525 0.205 
© 1.6:1:0.1 760 350 0.195 
© 1.8:1:0.1 740 300 0.19 
© 2.0:1:0.1 680 285 0.18 
© 2.2:1:0.2 715 265 0.21 
© 2.4:1:0.2 695 250 0.22 
Theoretical 750 335 0.2 
value 
Prototype 2500 33500 0.2 


3 TEST SETUP 


3.1 Instrumentation 


Instruments placed in the model consist of accelerometers and strain gauges. The acceleration 
sensors are arranged in two places of the ground model and the structure model. The ground 
model is arranged vertically from high to low with AS2, AS3 and ASO. The layout of the 
acceleration sensor is shown in Figure 3. There is a total of two observation surfaces inside 
the station hall of the structure: (1) O1 is the opening section of the tunnel; (2) O2 is the stand- 
ard section of the tunnel. Two accelerometers are installed on each observation surface, 
located at the vault and arch bottom, respectively. The strain gauges are arranged at the con- 
nection between the connecting passages and the tunnel, T1 is the lower section of the inclined 


Figure 3. Accelerometers on the model. 
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passage, T2 is the right section connecting the horizontal passage and the tunnel, and each 
section is arranged with bidirectional strain gauges on the vault, spandrel, arch foot and arch 
bottom, respectively. The layout of the strain gauges is shown in Figure 4. 


Figure 4. Strain gauges on T1 & T2. 


3.2 Earthquake motions and testing cases 


Synthetic earthquake motions (SEM) are adopted as the input signals for the shaking table. 
Their acceleration time histories and spectra are depicted in Figure 5. They are developed to 
predict bedrock movements under the specific construction site(Trifunac, 1971, Wong and 
Trifunac, 1979). Notice that both the length and the amplitude of the acceleration time histor- 
ies are scaled according to the similitude ratios. Similitude ratios of acceleration amplitude 
and time period are 1/1 and 1/5.48, respectively. Features of the synthetic earthquake motions 
are listed in Table 4. Shaking direction of the table is along the transverse direction of the 
tunnel model, i.e., along X axis in Figure 4. The metro station is designed according to the 
Code for seismic design of urban rail transit structures (GB50909-2014), and so the design 
earthquake (case 1) has a Peak Ground Acceleration (PGA) of 0.1 g, for a 10% probability of 
exceedance in 50 years, the rare earthquake (case 2) has a PGA of 0.22 g, for a 2% probability 
of exceedance in 50 years. 


Table 4. Features of the synthetic earthquake motions. 


Peak acceleration (g) Dominant frequency (Hz) Time length (s) Input direction 
Casel 0.1 21 J X 
Case2 0.22 21 7 x 
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Figure 5. Earthquake motion used in the tests: (a) acceleration, and (b) Spectra. 
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4 TEST RESULTS AND DISCUSSION 


4.1 Acceleration responses of the ground model 


Three acceleration sensors are arranged vertically along the ground model: ASO, AS3 and AS2. 
Input the seismic waves of case | and case 2, and the comparison of the acceleration Fourier spec- 
trum amplitude on the model is shown in Figure 6. It can be found that in the low frequency 
region of 0~10 Hz, the input ground motion and the spectral curve of the model response are 
basically the same, and the acceleration response in this frequency band is not amplified; in the 
frequency region of 15~30 Hz, the top of the ground model shows a larger magnification effect. 
Especially after entering Case 2, the magnification effect at the top of the model further increases. 
It shows that the underground structure has different amplification degrees for different frequency 
bands under the earthquake motions. Comparing the changes in the PA (Peak Acceleration) amp- 
lification vertically along the model is shown in Figure 7. The variation patterns of the two seis- 
mic waves input conditions are similar in that the PA amplification factor gradually increases 
from bottom to top along the vertical direction of the model, and the latter has a further increase 
than the former. 


Amplitude (g) 


Figure 6. Comparison of acceleration spectra from ASO and AS2. 


Figure 7. PA amplification along the vertical direction. 


4.2 Acceleration responses of the tunnel model 


Figure 8 shows the comparison of the acceleration time curves of the observation surfaces 
O1&O2 at the station hall under two cases. Under the condition of case 1, the PA of Al to A4 
are 0.109g, 0.077g, 0.100g, and 0.079g, respectively. The PA of A1 is 9.0% larger than that of A3, 
and the PA at the vault are 40.9% and 25.7% larger than those at the arch bottom for the two 
observation surfaces, respectively. Under the condition of case 2, the PA of Al to A4 are 0.217g, 
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0.177g, 0.199g, and 0.167g, respectively. The PA of A1 is still 9.0% larger than that of A3, and the 
PA of the two observation surfaces at the vault are 22.8% and 19.2% larger than those at the arch 
bottom, respectively. This indicates that the opening section of tunnel has a significant amplifica- 
tion effect on the acceleration, and the difference between the vault and the arch bottom decreas- 
ing as the acceleration amplitude increases. 


eration (g) 


À | —-ahll ett rn = 
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Figure 8. Transverse acceleration responses of the structure model in Casel and Case2. 


4.3 Strain at the tunnel openings 


The transverse strain values in the T1&T2 section under the earthquake motions are shown in 
Table 5. In the T1 observation surface, the maximum strain appears in the spandrel (SX2) and 
the minimum strain appears in the arch bottom (SX4), and the strain increases significantly under 
the case 2. In the T2 observation surface, the maximum strain appears in the arch foot (SR3) and 
the minimum strain appears in the arch bottom (SR4). In both observation surfaces, the max- 
imum strain appears in the spandrel in T1, which indicates that this part is the weak point of the 
structure, and the design needs to focus on it to reduce the degree of stress concentration. 


Table 5. Transverse strain value of T1&T2. (unit: ue). 


Maximum tensile strain Maximum compressive strain 

Location Section Casel Case2 Casel Case2 

SX1 7.6 15.8 8.1 15.9 

SX2 TI 28.3 46.5 27.2 52.5 

SX3 15.4 30.8 15.2 28.8 

SX4 2.3 4.2 2.1 5.2 

SR1 5.2 11.2 4.9 10.6 

SR2 15.5 29.8 16.1 35.8 

SR3 T2 18.6 38.5 22.9 33.9 

SR4 1.8 4.1 1.9 5.1 


5 CONCLUSIONS 
Shaking table tests were conducted to study the discrepant responses of tunnel-group metro 
station in rock site under transverse excitations. The following conclusions are drawn. 


(1) The lateral input of synthetic seismic waves has a significant amplification effect on the 
ground model in the region of 15~30Hz, and the acceleration magnification of the stratum 
increases in the vertical direction till ground model. 
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(2) The tunnel openings have a significant amplification effect on the acceleration, and the dif- 
ference between the vault and the arch bottom decreasing as the acceleration amplitude 
increases. 

(3) The maximum transverse strain occurs at the spandrel and the arch foot at the connection 
between connectional passages and tunnels. 
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ABSTRACT: Tunnels crossing inactive faults may suffer from severe damage during earth- 
quakes. Fault sites have a significant hanging wall effect during earthquakes, but this effect on 
the tunnel seismic response has not been specifically quantified. In this study, shaking table 
tests were conducted to investigate the fault site effect and seismic response of fault-crossing 
tunnels. The hanging wall effect is the results of the geometric effect due to the asymmetric 
distribution of inclined fault. This geometric effect will lead to the reflection of seismic waves 
between the ground surface and fault interface and exacerbating the acceleration of the hang- 
ing wall. The acceleration of the tunnel located in the hanging wall is significantly greater than 
that located in the footwall, which is not only attributed to the dynamic characteristic of the 
site, but also the interaction between the dynamic characteristics of different areas of the site. 
For the tunnel sections located in the hanging wall, the influence range of the fault is approxi- 
mately twice the tunnel diameter, for those located in the footwall, the fault has limited effect. 


1 INTRODUCTION 


With the development of infrastructure, the expansion of transportation networks is growing 
at an increasing rate. This makes tunneling more frequently exposed to complex geological 
conditions and bring challenges to its seismic safety. Earthquake damage investigations have 
revealed that the area where tunnel crossing fault fracture zone is one of the most vulnerable 
and most severely damaged areas in earthquakes (Sharma and Judd, 1991; Yashiro, 2007; Yu 
et al., 2016). It is therefore imperative to investigate the seismic response of fault-crossing tun- 
nels and explore potential seismic design methods. 

Plenty of studies have been carried out on the seismic response and damage mechanisms of fault- 
crossing tunnels (Baziar et al., 2016; Zhong et al., 2020). These studies mainly focus on the shearing 
effect on tunnels crossing ruptured active faults. However, even if a tunnel crosses an inactive fault, 
or crosses an active fault but the fault does not rupture during an earthquake, the tunnel may still 
suffer severe damage (Lu and Hwang, 2018). In this issue, the seismic response of the tunnel can be 
attributed to the influence of fault site effects on the seismic response of the tunnel. 

Due to the special geometric characteristics of the fault site, there are significant differences in 
the seismic response of different areas of the fault site, and significant hanging wall effect could be 
found in the seismic records (Abrahamson and Silva, 1997). Meanwhile, the seismic investigations 
also revealed that the damage of tunnels located in the hanging wall is greater than those located 
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in the footwall (Wang et al., 2001). However, the influence of this special dynamic characteristics 
of the fault site on the fault-crossing tunnels remains to be further investigated. Due to the com- 
plex interaction of fault-rock-tunnel system, the physical and mechanical properties of fault zone, 
and the variable fault occurrences in actual engineering, it is difficult to achieve a realistic simula- 
tion of the dynamic response of cross-fault tunnels by simplified analysis methods such as analyt- 
ical solutions or numerical simulations. Several numerical simulations have been conducted to 
investigate the seismic response of fault-crossing tunnels (Huang et al., 2017; Jiao et al., 2021; 
Yang et al., 2013). However, the simplification of the settings of contact surfaces, constitutive 
models, input motions, and artificial boundaries, etc. in numerical simulations may lead the seis- 
mic response of fault-crossing tunnels differ from the actual. Reasonably designed model test can 
authentically simulate the fault-rock-tunnel interaction, and is an effective method to study the 
dynamic response characteristics of fault-crossing tunnels. Few studies have been reported con- 
ducting shaking table test on fault-crossing tunnels (Fan et al., 2020; Zhao et al., 2022) and the 
seismic response of fault-crossing tunnel resulting from fault site effect has not been quantified. 

In this study, shaking table tests were conducted to investigate the fault site effect and explore 
the site effect on the seismic response of fault-crossing tunnels. The fault site effect was quanti- 
fied by acceleration amplification factors and transfer functions. Furthermore, the site effect on 
the seismic response and dynamic characteristics of fault-crossing tunnels were investigated. The 
above results can provide a reference for the seismic design of fault-crossing tunnels. 


2 TEST DESIGN 


2.1 Scaling relations 


In order to simulate the reliable dynamic response of the fault-rock-tunnel system, similitude 
relations need to be carefully considered in the test design. Considering the limitation of the 
shaking table and model materials, the similarity ratios of the physical parameters in the test 
model were derived by dimensional analysis, as listed in Table 1. The similarity ratio of geom- 
etry, Young’s modulus, and density are predetermined as 1/15, 1/60 and 6/25, respectively and 
the other similarity ratio were derived from them. 


Table 1. Similitude relations for the shaking table test. 


Item Dimension Similarity ratio 


Geometry L 1/15 
Strain - 1 
Young’s modulus FL? 1/60 
Density FTL‘ 6/25 
Mass FLT? 1/14062 
Velocity LT! 1/3.79 
Time T 1/3.95 
Frequency T 3.95 
Stress FL? 1/60 
Acceleration LT? 1.04 


2.2 Model materials 


In the present study, foam concrete was selected for the model material of surrounding rock. 
Since it is the elastic modulus that dominants the rock-tunnel interaction, priority was given 
to meet the similarity of the elastic modulus and density in the formulation of surrounding 
rock. The water-to-foam volume ratio is 1:5 and water-to-cement mass ratio is 1:1.8. For the 
highly-fractured rock mass within the fault, it is easy to enter the nonlinear phase during 
earthquake. Thus, the model material should not only meet the similarity in elastic phase, but 
also the nonlinear phase. Model soil was chosen to simulate the rock mass within the fault 
and the mass ratio of sand to sawdust is 1:1. Since the good workability of plaster and the 
mechanical properties similar to concrete, light aggregate plaster was chosen to simulate the 
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concrete of tunnel lining, where the mass ratio of gypsum, perlite, and water is 5:1:6. The 
material properties of the prototype, theoretical values derived by similitude relations, and 
test model are listed in Table 2. 


Table 2.. Mechanical properties of prototype and model materials. 


Young’s Friction 
modulus Density Poisson’s Cohesion angle 
Item (MPa) (kg/m?) ratio (kPa) (°) 
Surrounding Prototype 6000 2300 0.30 700 39 
rock Model 100 560 0.30 25 18 
Fault Prototype 300 1700 0.35 100 20 
Model 5 410 0.35 1.6 19 
a Prototype 30000 2500 0.2 = = 
Tunnel lining Model 500 600 0.2 - - 


2.3 Geometry 


Figure 1 present the longitudinal profiles the model in the tests. The test model has a length of 
5.2 m (parallel to the tunnel axis), a width of 3.0 m (perpendicular to the tunnel axis), and 
a height of 2.0 m (vertical to the shaking table). A fault with a width of 1.0 m and a dip angle 
of 60° is set in the center of the model and divide the whole model into three regions: hanging 
wall, fault, and footwall. Result from the preliminary numerical analysis, the influence range 
of the fault on both sides is no more than two times of the tunnel diameter under seismic load- 
ing, the total length of 5.2 m (about eight times of the tunnel diameter) could satisfy the 
requirement of the longitudinal length. 

The tunnel lining consists of 13 sections, each section is 0.4 m, which corresponds to 
a prototype of 6.0 m. These 13 sections are numbered from 1 to 13 along the direction from 
hanging wall to footwall to facilitate the following analysis. The tunnel diameter is 0.66 m and 
the thickness of the lining is 0.04 m. The complete test model is shown in Figure 2. 


5200 3000 


2677 


1167 


2000 


(a) 


Figure 1. Longitudinal and cross-sectional profile of test model: (a) longitudinal, and (b) cross-sectional. 


Figure 2. Complete test model. 

2.4 Instrumentation 

In the model test, the acceleration and deformation of the whole model are important parameters 
for measuring the dynamic characteristics of the fault site and fault-crossing tunnel. For the 
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strata, three acceleration monitoring points were arranged at 0.5 m intervals along the height of 
the hanging wall, fault, and footwall, respectively. Each monitoring point was arranged with accel- 
erometers in two directions. For the fault-crossing tunnel, seven sections were selected as the 
observation sections including section-3, section-5 to section-9, and section-11, as marked in red 
in Figure 1(a). In each observation section, two accelerometers perpendicular to each other were 
installed at the tunnel invert. The arrangement of accelerometers is plotted in Figure 3. 


Hanging wall 


(a) 


Figure 3. Acceleration monitoring points: (a) schematic, (b) accelerometers of strata, and (c) accelerom- 
eters of tunnel. 


2.5 Input motion 


The tests were performed on a shaking table in the State Key Laboratory of Disaster Reduc- 
tion in Civil Engineering at Tongji University. The shaking table system is composed of four 
shaking tables with different payloads. One of these shaking tables with a payload of 300 kN 
is used for the tests. Maximum acceleration output of the table is 1.5 g and the operation fre- 
quency ranges from 0.1 Hz to 50 Hz. 

The artificially synthetic earthquake wave was selected as input motion. The input motions 
were imposed in both transversal (excitation direction perpendicular to the tunnel axis) and 
longitudinal directions (excitation direction parallel to the tunnel axis). The peak acceleration 
was set to be 0.12 g. The seismic duration of the record was adjusted according to the simili- 
tude relation of time. The accelerogram and Fourier spectrum are shown in Figure 4. 


027 003r 


0. 


| 
į } 


|i 200l] y Pln i 


Acceleration (g) 
> 
5 
a 
-< = 
—_ 
meen 
= 
= 
= 
= 
jer amplitude 


Four 


a) -0.2+ (b) oot 
(a) 
0 | 2 3 4 5 0 10 20 30 40 50 


Time (s) Frequency (Hz) 


Figure 4. Synthetic wave: (a) accelerogram, and (b) Fourier spectrum. 


3 RESULTS AND DISCUSSION 


3.1 Fault site effect 


Acceleration amplification factor is a dimensionless parameter obtained by dividing the peak accel- 
eration monitored at each monitoring point by the peak acceleration of input motion. It can reflect 
the amplification effect of the monitoring point compared to the input motion, without being 
affected by differences in acceleration of the input from different models. Figure 5 presents the accel- 
eration amplification factor of the different areas of the test model under two excitation directions. 
Significant differences in acceleration response can be found in different areas of the fault site: at the 
same height, the acceleration within the fault is greatest, followed by the hanging wall, and the accel- 
eration within the footwall is least. This is consistent with the hanging wall effect overserved in 
earthquake investigations (Chang et al., 2004). The differences in acceleration between hanging wall 
and footwall might be the results of the geometric effect due to the asymmetric distribution of 
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inclined fault. This geometric effect will lead to the reflection of seismic waves back and forth 
between the ground surface and fault interface and exacerbating the acceleration of the hanging 
wall, which is also supported by other researches (Li et al., 2018; Oglesby et al., 1998). The acceler- 
ation within the fault, which far exceeds those on both side of the fault, could be attributed to the 
amplification of seismic waves by the weak strata and the reflection of seismic waves between the 
interfaces of the fault. Comparing the accelerations of the fault site under two excitation directions, 
it can be found that except for the footwall, the peak ground accelerations of the hanging wall and 
fault are greater under longitudinal excitation. Waveform conversion at the interface of a vertically 
incident SV wave and surface waves at the ground surface are the causes of this phenomenon. 
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Figure 5. Acceleration amplification factors of fault site under different excitation directions: (a) trans- 
versal excitation, and (b) longitudinal excitation. 


To further investigate the dynamic characteristics of the fault site and explore the deeper 
response mechanisms, transfer functions of the ground surface of the fault, hanging wall, and 
footwall are calculated and plotted in Figure 6. The transfer function is defined as the ratio of 
the Laplace transform of the output signal to that of the input signal, as follows: 


Y(s)_ Ly} 
X(5) ` L(x} 


The transfer function is a representation of the dynamic characteristic of a site in the frequency 
domain. It can characterize the relationship between input motion and response as well as quan- 
tify the effect of the site on the frequency components of input motion propagating through it 
(Wang et al., 2019). As can be seen from Figure 6, the fundamental frequencies of different strata 
are generally close to each other, being approximately 23 Hz under transversal excitation and 29 
Hz under longitudinal excitation. The transfer function of the fault is greater than those on both 
side of the fault in all frequency bands. As can be seen from Figure 6(a) that under transversal 
excitation, the transfer function of the hanging wall in the frequency band of 10-30 Hz is smaller 
than that of the footwall, and the frequency band of 30-50 Hz is larger than that of the footwall. 
Considering that the input motion does not vary much across the frequency bands above 15 Hz, 
it can be concluded that the difference of transfer function in the frequency band of 30-50 Hz is 
the reason for the difference in the PGA. In Figure 6(b), under longitudinal excitation, the transfer 
function of the hanging wall in the frequency band of 10-35 Hz is greater than that of the footwall 
and is smaller in the frequency band of 35-50 Hz. Similar to transversal excitation, the difference 
of transfer function in the frequency band of 10-35 Hz is the reason for the difference in the PGA. 


H(s) = 


(1) 


=== Hanging wall 


haul 
Footwall 


lrans fer function 


0 10 20 30 40 50: 


Frequency (117) Frequency (117) 


Figure 6. Transfer function of fault site under different excitation directions: (a) transversal excitation, 
and (b) longitudinal excitation. 
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3.2 Dynamic characteristic of tunnel 


Figure 7 presents the acceleration amplification factor of the fault-crossing tunnel under two 
excitation directions. As can be seen from the figure that the acceleration response varies sig- 
nificantly along the longitudinal direction of the tunnel: the acceleration of the tunnel located 
in the hanging wall is significantly greater than that located in the footwall. The maximum 
acceleration is located at section-6 at the interface of the fault and hanging wall, followed by 
section-5 in the hanging wall. As different from the acceleration distribution of fault site, the 
acceleration of the tunnel within the hanging wall under transversal excitation is greater that 
under longitudinal excitation. 
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Figure 7. Acceleration amplification factors of tunnels under different excitation directions. 


The transfer function for each section of the tunnel is calculated and plotted in Figure 8. 
Comparing with the transfer function of fault site, it can be found that the shape of the trans- 
fer function of section-3 in both excitation directions is similar to that of the hanging wall, 
and the shape of the transfer function of section-8 to section-11 is similar to that of the foot- 
wall. The magnitude of the transfer function varies due to the different heights of the monitor- 
ing points. This indicates that the dynamic characteristics of the tunnel are partly determined 
by the site and the self-oscillation characteristics of the tunnel itself are not obvious. In add- 
ition, high frequency components above 35 Hz are suppressed under longitudinal excitation. 

As the monitoring section gets closer to the fault from the hanging wall, the shape of the 
transfer function gradually shifts towards that of the fault. However, However, some differences 
remain. Under transversal excitation, the transfer function amplified in the frequency band of 
30-50 Hz, while the transfer function amplified in the frequency band of 20-35 Hz band under 
longitudinal excitation. The difference between the transfer function of the tunnel near the fault 
interface and the transfer function of fault site suggests that the dynamic characteristic of the 
tunnel at this location is not only determined by the dynamic characteristic of the site, but also 
the interaction between the dynamic characteristics of different areas of the site. 
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Figure 8. Transfer function of tunnels under different excitation directions: (a) transversal excitation, 
and (b) longitudinal excitation. 


Peak acceleration only represents the magnitude of the acceleration at a given moment and 
cannot reflect the intensity of the seismic response. The present research indicates that the seis- 
mic response of tunnels does not depend entirely on the peak acceleration (Huang et al., 
2020). Therefore, the widely accepted seismic intensity index Arias intensity (74) is adopted to 
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characterize the seismic intensity in different areas of the test model. Arias intensity is an 
index that describes the potential damage of ground motion in the time domain, defined as 
the energy per unit weight absorbed by an elastic system of a single mass point during an 
earthquake. It could be expressed as: 


Ta 
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Figure 9 presents the Arias intensities of the fault-crossing tunnel under two excitation direc- 
tions. Similar to the acceleration amplification factor, section-6 has the largest 74, followed by sec- 
tion-5. Contrary to the acceleration amplification factor, the Arias intensity results indicate that 
longitudinal excitation produces a stronger seismic response at all sections of the tunnel. This not 
only indicates that the seismic response of the tunnel is greater under longitudinal excitation, but 
also indicates that the peak acceleration cannot characterize the seismic intensity. Combining the 
acceleration amplification factor and the transfer function provides the influence range the fault 
on the tunnel: for the tunnel sections located in the hanging wall, the influence range is approxi- 
mately twice the tunnel diameter, for those located in the footwall, the fault has limited effect. 
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Figure 9. Arias intensity of tunnels under different excitation directions. 


4 CONCLUSIONS 


In this study, shaking table tests for fault-crossing tunnels were conducted. The fault site 
effect was quantified by the ground acceleration and transfer function, and the influence of 
site effect on tunnel seismic response was investigated. The following conclusions were drawn: 


(1) The hanging wall effect might be the results of the geometric effect due to the asymmetric 
distribution of inclined fault. This geometric effect will lead to the reflection of seismic 
waves back and forth between the ground surface and fault interface and exacerbating the 
acceleration of the hanging wall. The acceleration within the fault, which far exceeds those 
on both side of the fault, could be attributed to the amplification of seismic waves by the 
weak strata and the reflection of seismic waves between the interfaces of the fault. 

(2) The difference of transfer function in the frequency band of 30-50 Hz is the reason for the 
hanging wall effect under transversal excitation, while the difference in the frequency band 
of 10-35 Hz is the reason for the hanging wall effect under longitudinal excitation. 

(3) The acceleration of the tunnel located in the hanging wall is significantly greater than that 
located in the footwall, which is not only attributed to the dynamic characteristic of the site, 
but also the interaction between the dynamic characteristics of different areas of the site. 

(4) The Arias intensity results indicate that the seismic response of the tunnel is greater under 
longitudinal excitation, which suggest that the peak acceleration cannot characterize the 
seismic intensity. 

(5) For the tunnel sections located in the hanging wall, the influence range of the fault is approxi- 
mately twice the tunnel diameter, for those located in the footwall, the fault has limited effect. 
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unidirectional road tunnels ventilated by jet fans 
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ABSTRACT: The risk produced by a fire is one of the most important aspects to be ana- 
lysed for the safety of a road tunnel. In one-way ventilated tunnels with jet-fans it may happen 
that during a fire the fumes move in the opposite direction to that of the fresh air entering the 
tunnel. This phenomenon (back-layering) can involve people fleeing towards the mouth of the 
mountain with dramatic consequences. Since many parameters that characterize the phenom- 
enon are known only with a certain approximation, it is necessary to adopt a probabilistic 
approach. In this work this approach is illustrated, applying it to a road tunnel in Northern 
Italy. The probability that the fumes of the fire can reach people fleeing has been plotted as 
a function of the total number of jet-fans in the tunnel, so that the definition of the ventilation 
system can be carried out in the design phase in relation to safety during the emergency phase. 


1 INTRODUCTION 


The risk associated with a fire in road tunnels represents a very complex problem to analyse; it can 
have severe consequences for the people in the tunnel, who must leave immediately to be safe 
(Lombardi & Rossi 2013; Guarascio et al. 2009). The ventilation system can be a valuable tool to 
ensure the safety of people during the early stages of fire evolution and its full development. Espe- 
cially in one-way road tunnels, ventilation plays a crucial role, containing the amount of fumes 
that can flow against the direction of fresh air and road traffic, allowing users trapped upstream of 
the fire to escape on foot against the current towards the tunnel entrance when there are no other 
escape routes placed in intermediate positions between the fire and the tunnel entrance. 

Due to its simplicity and the low costs required, the ventilation system consisting of jet fans 
anchored to the tunnel’s roof or the side walls represents one of the most used solutions in 
unidirectional road tunnels (Colella et al. 2010; Eftekharian et al. 2014). The jet fans are usu- 
ally arranged in pairs at various points along the tunnel development. 

In order to analyse the effectiveness of such a ventilation system during a tunnel fire, it is 
necessary to verify its effects on the amount of fresh air pushed along the tunnel and able to 
cross the point where the fire develops. In particular, it is necessary to understand whether the 
phenomenon of back-layering can occur, which consists of the flow of part of the toxic and 
incandescent fumes against the current towards the entrance of the tunnel (Oka & Atkinson 
1995; Thomas, 1958; Vauquelin & Wu 2006; Li et al., 2010). This event can cause the most 
significant risks for people fleeing on foot towards the tunnel entrance: toxic fumes can move 
at a consistent speed and quickly reach people fleeing on foot. 

The parameters governing the back-layering phenomenon are different and also difficult to 
determine. For this reason, it is helpful to refer to a probabilistic approach, able to consider the 
uncertainty of these parameters and quantitatively assess the risk of involvement of people on 
the run. Therefore, the sizing of the ventilation system of a road tunnel could be carried out by 
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ensuring that the probability that the toxic fumes can reach a user of the tunnel during the first 
phases or the full development of the fire is lower than specific values deemed acceptable. 

In this work, a probabilistic approach is presented to analyse the influence of longitudinal 
mechanical ventilation with jet fans during the evolution of a tunnel fire. This approach is 
applied to unidirectional tunnels of different lengths to evaluate the back-layering phenom- 
enon and verify the possible interaction of fumes with people on the run. 


2 FIRE CHARACTERISTICS IN A ROAD TUNNEL 


Inside a road tunnel, the three fundamental elements that allow combustion may be present: 
the fuel, the comburent, and the primer. The fuel is generally made up of the materials trans- 
ported by the vehicles passing through the tunnel; the comburent from the oxygen present in 
the air and the ignition may be due to the malfunction of the vehicles or to a collision between 
them or with systems and components of the tunnel. In some cases, the fire released can be of 
considerable size, reach very high thermal powers, and last several hours. All this is aggra- 
vated by the confinement of space, with very high temperatures of the fumes released, so 
much to make possible the degradation of the cladding structures and also the consequent col- 
lapse of the tunnel in the area of the fire. 

In general, starting from the ignition, the fire foresees a phase of increase of the power ends (an 
increase of the Heat Release Rate HRR) up to the so-called flash-over, after which the fire con- 
tinues with the emission of a thermal power approximately constant; finally, there is a phase of 
decay until natural extinction, generally due to the exhaustion of the fuel (Drysdale 2011) 
(Figure 1). 


Heat Release 
Rate (HIRR) 


HRR mas 


time 


Figure 1. Phases of the development over time of a fire in a confined space (re-edited by Beard & Carvel 
2005; Drysdale 2011). 


The first phase of the fire, the growth, is critical in road tunnels. In those initial minutes, the 
thermal power of the fire is still relatively low, and the exodus of tunnel users can begin 
towards the escape routes. To analyse the possible consequences of a fire on the people present 
in the tunnel, therefore, attention must be focused on that first phase, which is considered, for 
simplicity, with a parabola branch with a vertex at the origin of the HRR-time diagram 
(NFPA 2021; Lombardi 2008). Figure 2 is showing the simulation of this first growth phase of 
a tunnel fire for different values of the maximum thermal power reached (HRRmax). From 
the same figure, it is also possible to detect the duration of this phase before it enters the full 
development of the fire, with thermal powers that remain approximately constant for 
a relatively long time. 

The maximum heat output (HRRmax) achieved depends on the characteristics of the fuel 
present and the amount of oxygen that reaches the fire. Based on in situ experiments and the 
detailed analysis of fires that occurred in the past in road tunnels, it is possible to associate the 
HRR max values to the different types of vehicles that can transit (Bettelini 2003): 


3191 


(MW) 


HRR 


Figure 2. Simulation of the first growth phase of a tunnel fire. 


— car/van: HRRmax=5-15 MW 

— bus: HRR max=30 MW 

— loaded heavy vehicle: HRR»ax< 100 MW 

heavy vehicle with dangerous goods: HRRmax< 300 MW 


The fuel present characterises the fire and the type of material suitable for intervening with 
the aim of containment or induced extinction. However, each type of fire involves, in addition 
to the production of heat and flames, the emission of fumes and combustion gases. Incandes- 
cent fumes are the biggest problem in road tunnels: their high temperatures, high toxicity if 
inhaled and reduced visibility, are the leading cause of the loss of life that can occur in the 
presence of a fire. The amount of toxic fumes produced in the unit of time can also be esti- 
mated according to the type of fire and the thermal power reached (Bettelini 2003). 

Numerous studies on tunnel fires have been developed in recent years; in addition to simu- 
lating with reliable calculation codes (Computation Fluid Dynamics - CFD) the fire inside the 
confined space, fire tests were carried out in true magnitude, carefully monitored in order to 
understand its evolution and the consequences in terms of power thermals, temperatures, 
quantity of fumes. The analysis of catastrophic tunnel accidents at the turn of the new millen- 
nium was also instrumental: Mont Blanc Tunnel (France-Italy, 1999, 39 deaths); Tauern 
Tunnel (Austria, 1999, 12 deaths); St. Gotthard Tunnel (Switzerland, 2001, 11 deaths) (Vuil- 
leumier et al. 2002). 

From the analysis of these accidents, it emerged that fires triggered on heavy vehicles carrying 
dangerous goods (fuels with high calorific value) are hazardous. In these cases, the thermal power 
of 300 MW was reached and exceeded, and the fire duration was several hours. Due to the high 
temperatures reached (above 1000°C), the rescue teams could not intervene, and it was necessary 
to wait for the natural extinction of the fire to allow them to approach the critical area. 

The severe consequences of these accidents have highlighted shortcomings in communication 
with tunnel users to allow them an immediate start of the exodus towards the escape routes. 
A delay in the activation of the exodus can have severe consequences for the possible involve- 
ment of people in the section of the tunnel affected by toxic fumes and high temperatures. 

Finally, a fundamental role in safety in the event of a fire can be played by tunnel ventila- 
tion. An effective ventilation system can contain or limit the effects of the fire and allow users 
to be rescued before very high thermal powers are reached. 


3 FIRE CHARACTERISTICS IN A ROAD TUNNEL 


Different ventilation systems are now used in road tunnels (Li & Chow 2003). In the longer 
ones, transverse ventilation is generally adopted: two different circuits are provided along the 
tunnel for fresh air and exhausted air, with autonomous and compartmented regulation sys- 
tems for individual sections that cover the entire length. In tunnels of small or medium length, 
longitudinal ventilation tends to be adopted, which is conceptually more straightforward and 
much less expensive: fresh air enters from one end of the tunnel and is pushed along it through 
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jet fans (Figure 3) until you reach the other end. This system is particularly suitable for one- 
way tunnels (Colella et al. 2010; Eftekharian et al. 2014): in these cases, the air moves in the 
tunnel in the same direction as the vehicular flow. 


Figure 3. Jet fans positioned in pairs on the roof of a one-way road tunnel (left) and a detailed view of 
a single jet fan (right). 


In the presence of a fire along the tunnel, the jet fans are activated (also automatically, dir- 
ectly by the sensors that detect the fire) at the maximum available power to push the fresh air 
and the fumes produced along the direction of the vehicular flow. Users downstream of the 
fire can move away quickly in their vehicles at speeds much higher than the fumes. Those 
trapped upstream of the fire can undertake the exodus on foot towards the escape routes, 
opposite the vehicular flow and fresh air moved by the jet fans. In many cases, for tunnels 
with a length of less than 1.5-2.5 km, the exodus generally involves walking through the entire 
tunnel until reaching the entrance from which to go out into the open. 

Unfortunately, however, a particular phenomenon can occur in these cases: the back- 
layering of the fumes produced by the fire (Oka & Atkinson 1995; Thomas 1958; Li et al. 
2010). It consists of the counter-current movement (upstream) of a portion of the toxic and 
incandescent fumes in the opposite direction to that of the fresh air entering the tunnel. These 
fumes initially tend to settle on the roof of the tunnel but quickly involve the entire section at 
a certain distance from the fire, being able to reach people fleeing, quickly causing their death. 

To guarantee the safety of users, it is, therefore, necessary to size the ventilation system 
(number and characteristics of the jet fans) so that the back-layering phenomenon does not 
occur or is significantly attenuated so as not to involve the users on the run during the exodus. 

This analysis must consider that if the fresh air entering the tunnel (in the area upstream of 
the fire) has a speed higher than a critical speed v., the back-layering phenomenon does not 
occur. The v. can be estimated from the following equations (NFPA 502-Annex D, 2017), 
based on laboratory tests and on a large scale: 


n 1 
p-Cp A-T (1) 


where g is the gravity (9.81 m/s”); H is the tunnel height (m); p is the air-specific mass upstream of 
the fire (kg/m*), depending on the temperature and atmospheric pressure (1.225 kg/m? in standard 
conditions); C, is the air average specific heat (kJ/(kg°K)) (1.009 kJ/(kg°K) for standard condi- 
tions); Tf is the average temperature of the fire gas (°K), estimated by the following equation: 


Tr = e cas T (2) 
Kr, is the Froude number factor, which can be expressed as a function of HRR in kW by 
the following expressions: 


1. Kp, & 3.7136 - HRR! when HRR is between 10,000 and 100,000 kW 
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2. Kp, = 0.87 when HRR < 10,000 kW; KFr=0.606 when HRR 2 100,000 kW 


The critical speed, therefore, varies during the evolution of a fire by varying the heat output 
HRR. In the initial phase of growth, it tends to increase until it reaches a limit that depends 
on the height of the tunnel H. 

On the other hand, the actual speed of the air in the upstream section of the fire (v) will 
tend to decrease with the increase in thermal power. In fact, with the increase of the latter, the 
temperature of the air (and fumes) downstream of the fire also increases and, therefore, the 
overall resistance that the air has in moving inside the tunnel. The air velocity is obtained 
from the equilibrium between the pressure increase provided by the jet fans (Apjp) (3) and the 
overall pressure losses due to the friction of the air on the side walls of the tunnel and the 
other resistances due to the presence of the fire and the inlets (Apot) (4). 


n:-y-P 
Ap = 
Pif A-y (3) 
1 T, A Ty 
APiot <5 fi r H Dra [tre H A (Lor Lyne) | + Apt (4) 


where n is the number of jet fans upstream of the fire (those downstream must be neglected 
because the high temperatures reached by the fumes can put them out of action quickly); P is the 
power absorbed by each jet fan; n is the efficiency of the single jet fan; à is the friction coefficient 
of the tunnel wall, also known as the Moody coefficient (0.015-0.020 for concrete walls); Dpya is 
the hydraulic diameter of the tunnel cross-section; Liot is the total length of the tunnel; Lfre is the 
distance of the fire from the tunnel entrance. Tp is the average temperature of the fire gas (°K), 
defined by the following equation: 

A is the tunnel cross section (m7); Apfire is the pressure loss concentrated in correspondence 
with the fire, which can be estimated as a function of the HRR reached: Aprire = 0.4- HRR 
(Apfire in Pa and HRR in MW). 

By placing the equality between the terms of (3) and (4), the air velocity v upstream of the 
fire can be obtained by solving the third-degree equation; known v, the air temperature down- 
stream of the fire can be subsequently determined from (5). 

The air velocity upstream of the fire is also valuable for evaluating the distance covered by 
the fumes in the opposite direction to the flow of fresh air (back-layering length Ly)); based on 
experimental evidence, Thomas (1958) obtained the following equation: 


le - H2? - HRR 
Lusk- ; 5 
Bi p C T» (5) 


where k is a dimensionless constant experimentally estimated around 2-2.5 (Oka and Atkin- 
son, 1995); the other quantities expressed in congruent units. 

Based on the analysis developed, it is possible to detect how to evaluate the back-layering 
phenomenon. It is necessary to know many parameters, some of which are known only with 
a certain approximation. For example, the resistance of the tunnel walls to the flow of air 
inside it (through the coefficient of friction 4) or the actual localised resistance due to fire 
(Apfire). Not only that but also the response of users when they detect the presence of the fire 
can be assessed with a certain approximation. The escape speed depends, in fact, on the 
psycho-physical conditions of each person. 

In order to be able to analyse organically the risk that the toxic fumes of the fire can reach 
people during the exodus, a probabilistic treatment is therefore necessary, in which every 
influential parameter that has an uncertain evaluation can be represented by its probabilistic 
distribution. 


3194 


4 A PROBABILISTIC APPROACH TO THE PROBLEM OF BACK-LAYERING OF 
TOXIC FUMES AND ESCAPING OF USERS TOWARDS THE TUNNEL 
ENTRANCE 


To evaluate the extent of the back-layering phenomenon, it is necessary to evaluate the air vel- 
ocity v upstream of the fire by placing the equality between the pressure increase produced by 
the jet-fans (3) and the pressure that the air has in moving along the tunnel (upstream and 
downstream of the fire), in entering and exiting the tunnel and in crossing the same fire (4). 
From equality, a third degree equation is obtained, which, when solved with the Cardano 
method, allows us to obtain v: 


v- 4, AE ADE) a ide (6) 
T T T T T 
3-a 2 4 27 2 4 27 
s 26 b. —_d be, 2-b3. Sag p:A-Liot r f À 
where: p = £- 3m 41 =$ 3t amaS Dior P-Lre 2+ Lor Dra 
o HRR o d o a |. n O4LHRRALo. J 
b = OT nan PTa [i + (Ltor — Lire) pa]s¢ mnp o d= l 


Once the air velocity upstream of the fire has been obtained, it is possible to compare this 
with the critical velocity ve (1): the back-layering phenomenon occurs only if v <v.. Finally, 
the length of the fumes in the upstream section of the fire is determined with (5). 

It is also interesting to check whether the distance traveled by the fumes upstream of the 
fire is such as to involve people fleeing towards the tunnel entrance. In this regard, it must be 
borne in mind that before embarking on an escape, people tend to wait for a period of time 
(twait) Of a few minutes from the start of the fire; it is subjective and therefore varies from 
person to person. Furthermore, the escape velocity (Vesc) is also highly variable from person to 
person. The users’ response must also necessarily be analyzed in probabilistic terms. 

The most critical moment is the end of the growth phase of the fire, a few minutes after 
ignition, upon reaching the maximum power (HRRmax). For this it is useful to compare for 
t = to the section traveled by the fumes towards the entrance of the tunnel Ly; and the length 
covered by the people fleeing Lesc: 


Lese = (to a twait) * Vesc (7) 


The risk situation occurs when L> Lesc at time t = t0. 

By carrying out a probabilistic analysis on the particularly uncertain parameters, it is pos- 
sible to determine the probability that the above condition will occur. The sizing of the fans 
(their total number niot, but also the power of each one) can be carried out in relation to the 
containment of the risk that during a fire in a one-way road tunnel the fumes can reach people 
fleeing towards the tunnel entrance. 

The probabilistic approach was applied to a unidirectional road tunnel in Northern Italy, with 
a section of 52.5 m? (height H = 8 m, width B = 6.56 m) (Figure 4) and a length Li, of 2000 m. 


A couple of jet-fans 
hooked to the roof ol 


OO the tunnel 


H=8 m 


Cross-section area A=5S2,5 m° 


Hydraulic diameter Dywi=7.21 m 


B=6,56 m 


Figure 4. Representative scheme of the section of the studied one-way road tunnel. 


3195 


The fans used have a maximum nominal power of 21 kW and an efficiency n of 0.6. A fire 
of vast proportions (HRR max = 300 MW) was considered at a distance of 500 meters from the 
entrance to the tunnel. The fire was hypothesized with an initial growth phase with 
a parabolic trend (vertex of the parabola positioned at the origin of the ignition) (Figure 2). 

The following parameters were considered uncertain in the analysis: the time of the growth 
phase to, the friction coefficient à, the Thomas coefficient k (5), the waiting time twait and the 
Vese Escape rate. For all these, a probabilistic normal distribution (Gaussian) was assumed, the 
mean and standard deviation of which were obtained by evaluating a range of variability, 
associated with a 95% probability that the real value falls within it: 


— tg = 8+12 min, mean value: 10 min, standard deviation: 1.02 min 

— X= 0.017+0.023, mean value: 0.020, standard deviation: 0.00153 

— k=2+3, mean value: 2.5, standard deviation 0.255 

— twait = 3+5 min, mean value: 4 min, standard deviation: 0.510 min 

— Vesc=30+75 m/min, mean value: 52.5 m/min, standard deviation: 11.479 


Considering the average values of each variability interval, it is possible to determine the 
trend of the velocity v and critical velocity v. (Figure 6) and of the fumes’ temperature Tr 
(Figure 6) over time, during the growth phase of the fire. 


| 


t (min) 


Figure 5. Air velocity upstream (left) and critical velocity (right) of the fire during the growth phase of 
the fire (niot = 8, 12, 16). 


Figure 6. Fumes temperature during the growth phase of the fire (Miot = 8, 12, 16). 


10,000 values for each of the 5 uncertain parameters were extracted based on probabilistic 
distributions. Data extraction is easily accomplished by considering for the specific Gaussian 
normal distribution the characteristic data of each uncertain parameter (mean and standard 
deviation). These values samples made possible to use a Monte Carlo procedure and deter- 
mine at time t = to, for every five values group: the air velocity v upstream of the fire, the 
critical velocity ve, the back-layering length Ly), the length covered by the people fleeing Lesc- 
The number of cases (out of 10,000 analysed) in which Ly, is greater than Lese (probability of 
the critical event) was then determined. 

This probability was then represented by varying the number of jet-fans expected in the 
tunnel. Figure 7 shows the trend of the probability of the critical event occurring (smoke from 
the fire reaching people fleeing towards the upstream entrance) as the total number of jet-fans 
expected in the tunnel varies (niot). 


3196 


Figure 7. Trend of the probability of the critical event occurring. 


If, for example, it is considered acceptable that the probability of the fumes reaching users 
fleeing in the event of a large fire (HRR max=300 MW) is less than 0.001, it will be necessary to 
adopt a total number of jet-fans equal to 12. 

The illustrated case therefore allows us to show how it can be useful, in the design phase, to 
define the number and power of the fans, not only to guarantee acceptable environmental 
parameters in standard operating conditions, but also to allow to keep the probability of critical 
events occurring during emergency situations (such as a large fire) below acceptable values. 


5 CONCLUSIONS 


A fire in a road tunnel represents the most serious risk of all those that must be analysed for 
safety purposes. In one-way tunnels, when longitudinal ventilation with jet-fans is adopted, it 
may happen that the fumes produced by the fire move in the opposite direction to that of the 
air entering the tunnel and to the vehicular flow (back-layering), involving the people fleeing 
towards the mouth of the mountain. 

In order to analyse the back-layering phenomenon, a probabilistic approach is necessary 
due to the presence of many parameters of uncertain evaluation. Even the response of the 
users of the tunnel cannot be treated in a deterministic way, as both the waiting time before 
taking the escape and the escape speed itself vary greatly from person to person. 

In this work, the probabilistic approach to the problem presented was applied to a one-way 
road tunnel in Northern Italy. The identified five parameters of uncertain evaluation were rep- 
resented by probabilistic distributions, used for the random extraction of 10,000 values and 
the Monte Carlo simulation. The study made it possible to determine the probability that the 
smoke from the fire reaches people fleeing (a critical event) as the total number of jet-fans 
present in the tunnel varies. This probability trend allows to define the number of jet-fans to 
be foreseen in the tunnel to reduce the risk to values that can be considered acceptable. 
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ABSTRACT: Tunneling in urban areas imposes high construction risks, if unaddressed 
during the planning and design phases, will result in severe consequences. The overbuilt condi- 
tions, the low ground cover, the presence of unchartered utilities and foundations, connections 
to existing operating systems, etc. exacerbate tunneling risks in urban areas and increase the 
severity of their consequences. There are unique geotechnical and environmental risks associ- 
ated with tunneling in urban areas such the potential of mixed ground conditions, presence of 
boulders and gravel, the presence of old abandoned foundations, the potential of presence of 
contaminated grounds and ground water, etc. In addition, there are also risks related to 
public safety, the present of active and abandoned utilities, maintaining surface traffic, main- 
taining pedestrian movement, impact on businesses and the daily lives of the people. There are 
also risks associated with construction logistics, material delivery, and equipment, the risk of 
impact on existing landmarks and historic buildings as well as the potential presence of arti- 
facts and relics. In addition, of the major risks are dealing with project stakeholders, approvals 
and permitting process, affected communities, and the geopolitical and funding risks. 

This paper addresses tunneling risks in urban areas using examples from projects from 
around the world and mitigation measures. 


1 INTRODUCTION 


Tunneling in urban areas is increasing throughout the world for numeorus reasons. This 
requires handling of complex challenges for safe construction and to minimize impacts on exist- 
ing buildings, structures, utilities and the public. Tunneling in urban areas frequently requires 
construction with shallow cover, in difficult ground conditions of soft soils and mixed ground, 
with high ground water infiltration, frequently near major sensitive structures and historic 
buildings. In addition, there are also risks related to public safety, the presence of active and 
abandoned utilities, surface traffic, pedestrian movement, etc. There are also risks associated 
with construction logistics, material delivery, and equipment. There are risks of impacting exist- 
ing landmarks as well as the potential presence of artifacts and relics. Furthermore, some of the 
major risks are dealing with project stakeholders, approvals and permitting processes, commu- 
nities and the public interest, and the geopolitical and funding risks. Often these risks are not 
properly addressed during the planning phase of the project resulting in potential delays, cost 
overrun, claims and disputes and often dissatisfied owner and contractor. 


2 THE NEEDS OF UNDERGROUND SPACE IN URBAN AREAS 
According to UN reports, the world population in 2020 was estimated at 7.8 billion people with 


an anticipated growth in population by end of 2022 to 8 billion people and by 2050 to 10 billion 
people. It is estimated that by 2030, 60% of the world population will be residing in urban areas 
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and the number of cities with population over 5 million inhabitants will be over 100 cities. In 2018, 
there 33 megacities with a population of over 10 million people collectively housing more than 
500 million people and 34 cities with population between 5 and 10 million people. This trend of 
urban growth is expected to continue throughout the 21“ Century; the large megacities will grow 
larger, and the number of megacities will increase. This shift in population centers necessitates the 
developments of infrastructures in cities to support the population surge including provisions of 
efficient transportation systems; reliable services such as power, water, sewer, and communication 
systems and their supporting infrastructures. Unfortunately, population growth is outpacing the 
development of infrastructures to support such growth and the limited available surface spaces 
suggest that the logical location of these systems is underground, “the final frontier.” 


3 TUNNELING RISKS IN URBAN AREAS 


Tunneling in major cities, especially for transit systems, necessitates being at shallow depth to 
allow easy patrons movement and minimize exiting time of passengers. Therefore, most transit 
stations are constructed using the cut and cover method which is very disruptive impacting 
existing utilities, traffic, businesses, and the public. Demands by the public to avoid cut and 
cover construction and its disruptive implications increased the use of mechanized tunneling 
or conventional tunneling methods. 

Tunneling in urban setting presents several unique challenges and risks. A typical urban set- 
ting will include the presence of major buildings, roadways, and existing underground facilities 
and utilities; potential shallow ground cover; soft ground conditions and potentially mixed 
ground conditions; existing or abandoned foundations and buried structures; potential 
ground and ground water contamination; and large intricate networks of utilities. Further- 
more, space constraints in urban settings for construction staging and material storage mag- 
nify the challenge of tunneling in urban setting. 


3.1 Geological and geotechnical risks in urban areas 


Often tunneling in urban area is done in soft grounds or mixed face conditions with the pres- 
ences of boulders and gravel. Figure 1 illustrates encountered boulders during tunneling in 
New York City for the East Side Access program. The low cover, boulders and mixed 
grounds impose potentially significant risks due to more ground loss and potential larger 
surface settlement values and/or wider settlement troughs impacting more surface facilities 
and structures. The presence of abandoned and uncharted foundations and structures not 
just results in additional ground loss and its consequences but also potentially damages the 
tunnel boring machine. Figure | shows encountered piles and tie backs during tunneling in 
Los Angeles in the Regional Connector Project damaging the TBM and impacting its 
advance rate. 


Figure 1. Boulders and abandoned piles encountered during urban tunnelling. 
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3.2 Reclaimed lands 


Some older cities on shorelines such as New York, San Francisco, and Seattle in the US were 
expanded by reclaiming lands using uncontrolled fill. For example, Figure 2 shows the land rec- 
lamation in New York from 1650s to 1980s with significant growth in land in the highly devel- 
oped part of the City including the financial and commercial districts and major high-rise 
buildings such as the World Trade Center. Similarly, Figure 3 illustrates the land reclam- 
ation in San Francisco during the Gold Rush in the 1850s. The City’s waterfront was built 
on reclaimed land over marshes in Mission Bay which is subject to liquefaction in this 
highly seismic zone. Furthermore, in the 19" century and early 20" century land reclam- 
ation was used for offshore or nearshore dumping of demolition and excavation materials. 
Examples include the disposal of the debris resulting from the San Francisco fires of 1851 
and 1906 were placed in the San Francisco Bay uncontrollably. The Denny Regrade in 
Seattle which started in 1897 also disposed most of the excavated materials in Elliot Bay 
with disregard to environmental and structural impacts. 


Embarcadero 
Seawall 


San Fr 


Figure 2. Reclaimed land in lower Manhattan. Figure 3. San Francisco waterfront built on 
reclaimed lands over marshes. 


These conditions impose high risks of tunneling by potentially encountering abandoned old 
waterfront structures, abandoned piles, debris, and even sunken vessels. In addition, soft 
marshes and organic materials would result in higher settlements and potentially more impacts 
on adjoining facilities and structures. Furthermore, especially in high seismic zones, the poten- 
tial of liquefaction of soft compressible soils and high deformation of the tunnels are real risks 
that may result in serious damage or failure of the tunnels and underground structures. 


3.3. Ground and ground water contamination 


Often in urban settings contaminated grounds and ground water are present due to the histor- 
ical use of the area. The presence of leaking fuel tanks or abandoned ones from old petrol 
stations, heating oil tanks in building basements, buried fuel tanks, paint and paint solvents, 
etc. will result in ground and ground water contamination with hydrocarbon products, vola- 
tile or semi volatile organic compounds (VOC and SVOC), or other toxic substances. Older 
buildings and demolished underground structures may contain asbestos or lead which could 
have migrated into the ground. 

In urban setting often new underground transit tunnels use old or abandoned railroads 
right of ways, which over the years significant contaminants from the cargos or the use of the 
facility are leaked into the ground. Ground and groundwater contaminations impose health 
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and safety risks on the workers and the public; and the disposal requirements of the excavated 
materials requiring suitable disposal facilities adds to the cost of tunneling. Furthermore, it is 
important that measures be taken during tunneling in these or adjacent areas to prevent lower- 
ing the ground water and potentially migrating the contaminants to adjoining areas. 

For example, on the East Side Access project in New York, major tunneling work occurred 
in Sunnyside Yard, an old railroad yard built in 1910, which is highly contaminated with Poly- 
chlorinated Biphenyls (PCB), Carcinogenic Polycyclic Hydrocarbons, SVOC and VOC, lead, 
petroleum, asbestos, pesticides, etc. The tunneling work was done using slurry TBMs to deal 
with the ground and groundwater contamination and minimizing their potential migrations to 
other areas. However, additional health and safety measures were implemented, and the con- 
taminated excavated materials were disposed in a special disposal facility. 


3.4 Active and abandoned utilities 


The maze of existing underground utilities and services in older cities is unfathomed. Often 
there are no record drawings of the locations of the utility lines and if they are available, they 
are not as built but only schematic configuration. Older wet utilities might include fragile duc- 
tile cast iron water lines, or brick sewers which are more susceptible to damage. Figure 4 — 
shows the extensive utilities founds during the construction of the Second Avenue Subway in 
New York which delayed the project by two years. Some utilities were over 100-year-old and 
often their conditions were unknown. Newer utilities such as fiber optic communication lines 
or high-pressure gas lines are very sensitive are require special handling. Some utility owners 
require that working on their utilities, especially the final connection, be done by their own 
forces which their availability may not coincide with the project schedule. Figure 5 shows 
a special protective measure for high pressure natural gas line that was supported in place. 


Figure 4. Extensive utilities delayed Second Figure 5. Special protection of high-pressure nat- 
Ave. Subway project by several years. ural gas line. 


3.5 Impact on adjoining buildings and assets 


Tunneling in highly developed areas and congested sites will potentially impact existing build- 
ings, utilities, and other adjoining infrastructures. The presence of sensitive structures such as 
fragile buildings, landmarks or highly sensitive facilities to vibrations such as sound studios, 
hospitals or research facilities exacerbates the risks. Figure 6 shows the construction of Tot- 
tenham Court Road subway station as part of Crossrail in London in a very restricted site 
surrounded by well-established buildings. Similarly Figure 7 shows the construction of the 
Jubilee Line at the Westminster across from the British Parliament building and Big Ben. 
With proper planning and careful execution, the tunneling work was completed successfully 
with no impact on adjoining assets. 

In addition to the potential structural impact of tunneling on adjoining buildings, the envir- 
onmental impact in the area and on the residents must be considered. Such impacts include 
noise, vibration, air quality, night construction lights, traffic movement, etc. Other issues that 
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Figure 6. Tottenham Court Road subway sta- Figure 7. Westminster station construction in 
tion in London in a very restricted site. London across the Parliament building and Big Ben. 


must be considered include access to buildings and businesses in the area, rodent control, 
material delivery to adjoining businesses, refuse collections, and the impact on the daily lives 
of the people in the area. Furthermore, often tunneling projects in urban areas are extensions 
to existing systems such as transit lines or water/wastewater lines. Maintaining operations of 
the existing systems is one of the upmost importance and will require special planning to min- 
imize their disruption. 


3.6 Public safety 


Public safety is the most important risk that should be taken when tunnel and underground 
structure construction in congested urban cities where existing buildings, residents, and busi- 
nesses are co-located with the work area. Structural impacts on existing buildings and their 
operations are important to allow the safe use of the buildings and the residents. Maintenance 
of vehicle traffic, cyclists, and pedestrians around the work zone, and sometimes within the 
work zone, are critical and must be clearly addressed early in the project development. Busi- 
nesses must be protected allowing delivery of their products, their daily operation, and access 
of their customers to their establishments. For the Second Avenue Subway construction in 
New York, access points to stores and buildings were provided within enclosures and were 
manned full time to assure safe movement of pedestrians through the construction zone. 
These issues cannot be left to the contractor to implement, but rather they must be planned 
early, presented to the impacted communities, businesses, and residents, and gain their agree- 
ments prior to the start of the construction. 


3.7 Construction logistics 


Availability of laydown areas and materials and equipment storage in major city centers often 
represent challenges that must be considered. Material delivery and muck removal are very 
important aspects. TBM launch shaft and the associated surface facilities needed for its oper- 
ation, muck storage, segment storage, etc. are critical for successful tunneling operation. On- 
Time delivery is often considered when working in a confine work zone and limited laydown 
area, but the risk of not having the right materials at the needed time is an added risk. Often 
there are noise and vibration restrictions in local ordinances and limitations on trucking after 
certain time at night impacting the tunnel construction operations such as muck removal, 
trucking, and blasting which will in turn impact the cost and the schedule of the project. For 
the Central Subway project in San Francisco, the owner reached an agreement with the City 
and the adjoining businesses to close one street and convert it into a staging zone. See 
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Figure 8. In New York, to address the noise and the trucking limitations “muck houses” 
enclosures were designed and placed over the shaft to allow tunneling operation 24 hours 
a day. The enclosures were sound proofed, scrubbers were placed on the ventilation equip- 
ment, and storage capability in containers of the muck were placed within the enclosures to be 
removed during the permitted time. See Figure 9. 


Figure 8. Closing Stockton Street in San Figure 9. “Muck houses” in New York allowed tunnel- 
Francisco for the Central Subway project. ing of the Second Ave. Subway 24 hours a day. 


3.8 Impact on historical buildings and landmarks 


Major landmarks and heritage buildings which often are found in older cities are more suscep- 
tible to damage as they are older, fragile, and rigid. Settlement values associated with tunneling 
are more restricted for these structures than typical limits. Special measures should be taken 
during the planning process of the project to assure no impact on these structures and an exten- 
sive instrumentation and monitoring system must be established and implemented rigorously 
during construction. During the construction of the Cologne Metro in 2009, large movement of 
the diaphragm walls resulted in the collapse of the Archive Building killing two people and des- 
troying innumerable historical documents dating back to the Middle Ages causing over €1B in 
damages; see Figure 10. At the US Capital Building in Washington DC, there are several miles 
of tunnels that were built under and adjacent to the building requiring special measures to 
address the risk associated with the potential impact on the Capital. See Figure 11. 


Figure 10. The collapse of the Archive Build- Figure 11. Several miles of tunnels under and adja- 
ing in Cologne, Germany during the Metro cent to the US Capital Building in Washington DC. 
construction. 
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3.9 Risks related to project stakeholders, communities, and geopolitical risks 


Risks related to the approval process, environmental clearance, impact on communities and 
businesses, permitting, funding sources, and the geopolitical involvement might derail 
a tunneling project or potentially causing extensive delays and unnecessary costs. For 
example, on the Central Subway project in San Francisco, over 100 public meetings and over 
200 presentations were made to obtain agreements with citizen groups, businesses, and the 
various city public and private agencies; and committing to provide improvements to utilities 
and concessions of public amenities. Funding can disrupt projects due to other competing pro- 
jects and the geopolitical aspects of the decisions makers based on their constituents’ interests. 
These issues should be addressed early in the project development and sufficient time must be 
allocated to obtain the required approvals. 


4 MITIGATION STRATEGIES 


These risks can be addressed with carefully designed tunneling method, the use of the latest 
technologies in tunneling, the use of prudent excavation and support sequencing, implementa- 
tion of ground improvement and a robust instrumentation and monitoring program that will 
identify potential issues early and implement corrective actions as needed. Also, the non- 
traditional risks such as approvals by stakeholders, impacted communities and businesses, 
funding, and the geopolitical aspects should be addressed early in the planning process and 
engaging affected parties in collaborative way to gain their support. With a risk mitigation 
approach during the planning and design phases, and the use of the latest TBM technologies 
or conventional tunneling techniques, tunneling has proven to be successful in complex urban 
settings. 


4.1 Advancement of TBM technologies minimizes ground loss 


With the advancement of TBM technologies including the Earth Pressure Balance (EPB) 
TBM, Slurry TBM, the mixshield TBM, and the development of multi-mode and hybrid 
TBMs such as variable density multi-mode TBM allowed more urban tunneling successfully 
overcoming many of these challenges. For Example, on the Port of Miami Tunnel in Flor- 
ida, with variable ground conditions and the high permeability sand and limestone with 
karst formation, the 13m diameter tunnel was excavated using hybrid EPB/Slurry TBM in 
order to deal with the challenging ground conditions. Furthermore, the advancement in 
TBM operational and control system allowed the construction of tunnels in difficult 
grounds with minimal ground loss. See Figure 12. For example, on SR99 Alaskan Way 


E Bentonite Slurry Injected ] Chamber Pressurized 
Through Ports Into 30-mm Gap | 


Figure 12. Port of Miami hybrid EPB/Slurry Figure 13. SR99 TBM significantly reduced ground 
TBM successfully completed the 13 m diameter loss with strict control of the face pressure. 
Port of Miami Tunnel. 


3205 


tunnel in Seattle, Washington, with strict control on the face pressure, ground loss was 
limited to no more than 0.1%, a reduction of 5 times than planned. As a result, no measur- 
able settlements were encountered. See Figure 13. 

The use of large diameter tunnel is increasing even in urban areas in situations where previ- 
ously a twin bore configuration would have been adopted. In some circumstances the feasibil- 
ity of the single bore solution has allowed a project to proceed where the alignment 
constraints ruled out a twin bore configuration. Examples include the Barcelona Metro Line 9 
in Spain, the Alaskan Way in Seattle, the Bund Tunnel in Shanghai, the Evergreen line in 
Vancouver, Riyadh Metro, Paris Metro expansion, and the BART Extension to San Jose in 
California. 


4.2 Flexibility and adaptability of conventional tunneling increase its use in urban areas 


Conventional tunneling has become the method of choice for tunneling in urban areas to con- 
struct complex underground structures such as metro stations, multi-track metro lines, rail 
crossovers, short tunnels, etc. to avoid cut and cover construction with its numerous impacts. 
However, conventional tunneling in an urban setting presents a number of challenges such as 
controlling ground losses, dealing with groundwater and impact on adjoining structures. Such 
challenges can be addressed with carefully designed excavation and support sequencing, pre- 
support measures, ground improvement and a robust instrumentation and monitoring pro- 
gram. For example, on the Northern Blvd Crossing in New York, the tunnel was constructed 
using conventional tunneling accommodating a large cross-section with a width of 18.4m and 
a height of 11.8m under existing transit lines and with shallow cover and unfavorable geology 
of mixed glacial deposits below the water table. To enable the construction, the cross section 
was subdivided into multiple drifts and using ground freezing to stabilize the ground enabled 
safe construction. Extensive instrumentation and monitoring program was implemented for 
the excavation as well as the existing transit lines and adjoining structures. Figure 14 shows 
the excavation of the crossing. For the Chinatown Station in San Francisco, the station was 
constructed in a highly developed area under a narrow street, congested businesses, residential 
dwellings, and historical and institutional buildings. The Station caverns were excavated in 
multiple drifts using pipe arch canopies as a pre-support. Ground water control and an exten- 
sive compensation grouting program were used to deal with the settlement of buildings and 
utilities, in addition an extensive instrumentation and monitoring program was implemented. 
Figure 15 shows the installation of the pre-support measures of Chinatown Station. 


Figure 14. Multiple drifts and ground freezing Figure 15. Pipe canopy pre-support for the exca- 
allowed successful tunneling of the Northern Blvd. vation of the crosscut in Chinatown Station. 
Crossing. 
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5 CONCLUSIONS 


The demand for tunneling and underground construction in urban areas is increasing and the 
risks associated with their construction are unique and critical. Due to advancement in TBM 
technologies, their operations, and the available tools for conventional tunneling, tunneling in 
urban areas is becoming more and more viable. Properly executed, it will avoid cut and cover 
construction which is very disruptive to the traffic, utilities, businesses, and the people daily 
lives. Good understanding of the ground behavior, and a robust design are essential for suc- 
cessful tunneling in urban areas. In addition, a comprehensive instrumentation and monitor- 
ing system with predetermined threshold limits and pre-defined remedial measures is crucial. 
A fair and equitable risk sharing mechanism through a well-thought-out Geotechnical Base- 
line Report are essential elements for success. Nontraditional risks such as stakeholders’ 
involvement, impact on businesses and the public, approval and permitting processes, and the 
geopolitical and funding risks should be addressed early in the planning stage and secure them 
before the detailed design and construction. 
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ABSTRACT: In the case of Tokyo metropolitan subway tunnels located near tidal rivers 
and coastal areas, the deterioration of reinforced concrete due to chloride attacks by leakage 
water include chloride ions is progressing at a rapid rate. In order to prevent the deterioration 
of chloride attack in subway tunnels, we have standardized judgement method for repair areas 
by spraying silver nitrate solution and repair method for using sacrificial anode material and 
surface impregnation material. In addition, we applied a surface impregnation material that 
inhibit chloride ion penetration to concrete when chloride attack is detected even if no con- 
crete deformation can be confirmed as preventive maintenance. Tokyo metro conducted 
chloride attack countermeasure repairing in operating subways since 2014, and have already 
carried out it over 6,551m. In some of the repaired sections, monitoring has been continuously 
carried out by visual inspection, chipping survey and measurements of protective current dis- 
charge rate and depolarization. As a result, we confirmed these repair works are effective by 
checking the entire repaired section after more than seven years had passed since repair, with 
no problematic deformations occurring. 


1 INTRODUCTION 


Tokyo Metro operated nine lines of subway, and has a total operating length of 
195 km, as important transport system in the Tokyo metropolitan area. The structure of 
subway is maintained soundly by ensuring that the process from regular inspection to 
repair is carried out. However, corrosion of reinforcement is recurring in places where 
spalling and falling concrete are found in tunnel located crossing under tidal rivers and 
coastal areas. The corrosion was found to be due to chloride attack by leakage water 
include chloride ions. The leakage water penetrates into concrete from an internal side 
of a tunnels (Figure 1). 

We determined the survey methods of repair areas and the repair methods for chloride pro- 
tection. In addition, defined priorities, the repair works of chloride protection were carried 
out. The performance of chloride protection, monitoring to check the effectives of the repaired 
areas, the effectives of the surface sealer for preventive maintenance, the issue of chloride pro- 
tection, these are reported. 
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Figure 1. A tunnel with chloride attack on the Touzai Line (B line 13k156m and 12k560m). 


2 REPAIR METHODS AND PERFORMANCE 


Tokyo Metro started the chloride protection in 2014 on sections where chloride attack has 
occurred. Priority sections for the chloride attack countermeasure repairing were defined. The 
sections with high chloride ions of leakage water located near tidal rivers or in coastal areas 
and the sections with construction methods without waterproofing outside the tunnel 
(1,446 m in total) were prioritized as priority A and the countermeasures were carried out first. 

The sections with high chloride ions and construction methods with waterproofing were classi- 
fied as priority B, (3,848 m in total) and the countermeasures were subsequently carried out 
(Table 1). 

The silver nitrate solution spraying method was used to investigate the area in need of repair. 
Silver nitrate solution was sprayed on the leakage waters in the tunnel and the areas that turned 
white with chloride ions were to be repaired to prevent chloride attack (Figure 2, left). 

After that hammering test is conducted, and, if sound is dull, the following repair procedure 
must be carried out. 

Deteriorated concrete is removed, water stopping is applied, sacrificial anode installed, 
patch repair is carried out and finally surface impregnation is applied. If that hammering 
sound is not dull, water stopping is applied, and, in order to prevent further penetration of 
chloride ions, only surface impregnation is applied, which is more suitable in this case 
(Figure 2 right, Figure 3). 


Table 1. Chloride protection priority sorting table. 


Rectangu lar tunne I construction m ethods 
Pneum atic caisson or ICOS method | Cut-and-coverm ethod 
Hih Priority A PriorityB1 
Ch bride ion = @ sections, 1,446m ) (15 sections, 6,431m ) 
concentration | L Priority 82 Priority € | 
H (4 sections, 1,430m ) (22 sections, 6,581m ) 


3 MONITORING RESULTS AFTER CHLORIDE PROTECTION 


We selected the fourteen areas where chloride attack repairs have been carried out. Monitor- 
ing has been carried out once or twice a year since 2012, to measurer the visual inspection, 
self-potential, protective current discharge rate and depolarization. Eight areas were subjected 
to chipping survey in 2018 and 2019. The corrosion of the reinforcement and the condition of 
sacrificial anode material after chloride attack repairs were checked. 
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3 Installation of sacrificial anode 


1 Removig of demaged 
concrete 


4 Application of patch 
repair mortar 


Color change to white 


5 Application of penetrating 
sealer 


2 Cleaning of steel 
reinforcement 


Inside surface of a tunnel 


Tunnel wall 


Figure 2. Application method of silver nitrate solution spray (left) and Chloride attack repair method 
(right). 
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Figure 3. Determination of the areas requiring chloride attack repair. 


3.1 Visual inspection and measurement of self-potential 


On visual inspection, some small cracks were observed on the repaired surface, by drying 
shrinkage. Many water leakage and leakage traces were observed. Some spalling concrete 
was observed, but this was not a major deterioration that could be directly attributed to 
chloride attack (Figure 4). Measurement of self-potential were carried out using a zinc- 
collated electrode after the repaired surfaces had been cleaned and made wet. The measured 
values were often lower than -350 mV, which is assessed as a 90% probability that the 
reinforcement was corroded (Figure 5). However, from the chipping survey in these areas, 
the reinforcement was not corroding. The use of sacrificial anode material may have 
changed the reinforcement potential to a lower value than the conventional assessment cri- 
teria, because of the effect of corrosion protection by changing the reinforcement potential 
to the low side. 

As it is difficult to determine reinforcement corrosion from measurement of self-potential, it 
was decided not to conduct measurements from 2020. 
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Figure 4. Visual inspection. 
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Figure 5. Measurement of self-potential. 


3.2 Measurement of protective current discharge rate and depolarization 


Protective current discharge rate is measured by taking wires from the sacrificial anode material 
and reinforcement. Continuous protective current discharge rate was observed at all monitored 
areas. There was a large amount of protective current discharge rate in the early stages of 
repair, but the amount of protective current discharge rate tended to decrease as the sacrificial 
anode material (zinc) wore off (Figure 6). The amount of reinstatement is measured as the dif- 
ference between the instant-off potential, which is immediately after the anticorrosion current in 
the circuit between the sacrificial anode material and the reinforcement is temporarily stopped, 
and the potential after 24 hours. A corrosion protection reference value of 100 mV or higher 
was used as a standard value for the external power supply system. The measurement results 
showed a decreasing trend at all monitored areas. Many areas did not reach the standard value 
(Figure 7). However, the results of the chipping survey showed that there was little corrosion of 
reinforcement even at locations where the depolarization was less than 100 mV. 


3.3. Chipping survey and the duration of effectiveness of sacrificial anode material 


The corrosion status of the reinforcement and the zinc depletion of the sacrificial anode material 
were be confirmed by the chipping survey. We confirmed some corrosion in horizontal reinforce- 
ment where sacrificial anode material was not directly installed and in outer areas beyond the 
repaired area, however it was also effective against macrocell corrosion in the sectional repaired 
and unrepaired areas. No corrosion progress was observed in the corrosion protection zone where 
the sacrificial anode material was installed. From the above, the effect of the repair was confirmed 
(Figure 8). 
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Figure 6. Changes in protective current discharge rate. 
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Figure 7. Changes in extent of depolarization over time. 


The effect durations of sacrificial anode material were compared from the rate of decrease of 
zinc content in the removed sacrificial anode material and from the rate of decrease of zinc content 
from the amount of anticorrosion current according to Faraday’s law. Large differences in effect 
durations were found between measured values and theoretical values. The zinc mass reduction 
calculated from theoretical values was about 30% of the mass reduction calculated from the meas- 
ured values (Table 2). The effect duration of the sacrificial anode material was initially predicted 
to be more than 10 years, but it was found that the effect duration calculated from the removed 
sacrificial anode material could not be ensured and the effect duration was reached early. 


Figure 8. Resulting chipping survey (B line 13k163m). 
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Table 2. Decrease of sacrificial anode mass. 


age M easured generated 
D em olition Tests = 
current quantity 
No Pe mass loss htgraid 
installation | Elapsed q m ass loss current | mass bss 
A by w eight j 
tm e rate Œ) quantity rate (¢) 
@) 
(A + hr) 
1 B 13k163m 27.8 73.2 7.54 9.27 
| 70m onth 
2 B 13k164m 28.4 74.7 7.62 9.37 
3 A 13k556m 23.8 62.6 5.12 6.30 
4 A 13k558m 22.8 60.0 5.68 | 6.98 
5 | A13k558m 25.0 | 65.8 - | =- 
| 63m onth t 4 
6 B 13k523m 3.6 9.5 0.31 0.31 
7 B 13k525m 18.8 49.5 6.83 | 6.83 
m 

8 B 13k525m 26.6 70.0 _ — 


4 EFFECTIVENESS OF SURFACE IMPREGNATION WORK 


Where there is chloride ions on the concretes surface due to leakage water, a silane-based sur- 
face impregnation material is applied to the concretes surface to inhibit chloride ions penetra- 
tion. Surface absorption tests were conducted to verify the effectiveness of the chloride ion 
penetration control. The test measures the amount of water absorbed by the concrete surface 
from a circular water supply cup placed on the concrete surface. The amount of reduction is 
measured after 10 minutes. 

The surface water absorption rate, P600, was measured for concrete sections with only 
a surface impregnant applied and for sections with cross-sectional restoration and 
a surface impregnant applied. The concrete sections had a slightly lower surface water 
absorption rate than the sectional restoration section. Both sections remained below 0.25 
ml/m7/s, which is considered to be a good indicator for quality assessment, for more 
than 1100 days after construction. There was a continuous effect of moisture penetration 
control (Figures 9 and 10). 

The effect of the presence or absence of surface impregnation material in concrete sections 
was compared. The surface water absorption rate P600 was less than one tenth when surface 
impregnation material was applied. This result shows that the application of surface impreg- 
nant material was found to be highly effective in reducing chloride penetration. 
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Figure 9. Time variability of surface water absorption rate. 
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Figure 10. Test results of surface water absorption rate. 


5 IMPROVEMENT OF CHLORIDE PROTECTION METHODS 


We have improved and enhanced our repair works while carrying out chloride attack control 
repairs as appropriate. 


5.1 Modification of patch repair mortar material 


The initially adopted cross-sectional repair material for chloride attack control were selected 
for their low electrical resistivity in order to increase the effectiveness of the sacrificial anode 
material. The repair material had a high density and a fast curing time, which meant that only 
a small amount could be kneaded at a time, which caused problems in terms of workability. 
In addition, the bond strength did not increase during the limited repairing time, so there was 
a risk of falling when used on the upper floor. 

Therefore, we investigated new repair material with good workability and the bond 
strength. We found a new repair material which met the specified values in laboratory and 
field tests for compression strength, bending strength and bond strength (Table 3). 


Table 3. Efficiency of repair material. 


Repair material 


Initially Improvement 
Electrical resistivity [kQ cm] 9.6 20.2 
Density [g/cm°] 2.6-3.0 1.3-2.0 


5.2 Improvement of the extent of removing 


After removing the deteriorated concrete, if the end of the exposed reinforcement is corroded, 
we additionally removed concrete until the reinforcement of no corrosion (Figure 1 1,left) 

Depending on the degree of corrosion of the end reinforcement, it needs a long time for 
removing works, and the removing works may cause an adverse effect on the tunnels. 

The application of surface impregnation material would also reduce the penetration of 
chloride ions. It was considered that further corrosion of the reinforcement would be inhibited 
by repair with sacrificial anode material (Figure 11,right). In addition, the removing works 
were not aimed at removing all the chloride ions in the concrete. From the above, if that con- 
crete was hardness, we did not remove concrete in addition. 
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Figure 11. Removing deteriorated concrete (left) and the extent of removing concrete (right). 


5.3. Change of sacrificial anode material 


From the monitoring investigations with chipping, it was found that the zinc loss of the sacri- 
ficial anode material was found to be larger than predicted and the duration of the effect was 
shorter. The sacrificial anode material employed was highly effective in preventing corrosion 
from the pre-test results, and was expected to last for more than 10 years. The sacrificial 
anode material had a zinc content of 38g. 

A factor determining the corrosion protection effect of sacrificial anode materials is the 
compatibility of the zinc with the backfill material. A new sacrificial anode material with the 
same backfill material, but with a zinc content of 200 g has been developed. The installation 
intervals, etc. were examined and, as there were no installation problems, the sacrificial anode 
material was changed to a zinc content of 200 g. 


6 CONCLUSION 


Tokyo Metro has almost completed the repair work of chloride attack in sections of the subway 
tunnels where there is concern about the progression of deterioration due to s chloride attack. 

In the future, we carry out chloride protection as preventive maintenance, based on the 
results of periodic inspections. In addition, the selection of sacrificial anode material, includ- 
ing replaceable types, and the chloride adsorption method will be studied as a repair method 
for reducing the depth of concrete removal outside of the deteriorated areas, and other 
improvements will be made to the construction method. 

If regular inspections are carried out and the leakage points are sealed and the concrete fall- 
out is repaired based on the results of inspections, the Ginza Line and other examples have 
shown that there are no long-term problems in the maintenance of tunnels. In addition, in 
sections where there are chloride ions in the leakage water, the safety of the tunnels could be 
further improved by carrying out repair works of this report to prevent chloride attack. 
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Road tunnel fire risk analysis: Is 1-D analysis inferior to 3-D? 
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School of Mechanical Engineering, National Technical University of Athens 


ABSTRACT: Road tunnels are one of the most critical infrastructure elements of modern 
road networks. Fire, probably the most dangerous accident in a tunnel, is rare but if they occur, 
they can have disastrous consequences. As far as the management of fire events is concerned, 
the common practice is based on risk analysis studies being conducted following the specific 
requirements each country has adopted. The country-based normative standards dictate 
whether a one-dimensional or a three-dimensional analysis shall be performed. Both kinds of 
analysis aim to provide a forecast of the evolution of the fire and, as such, to give a reliable 
indication of the threat that a fire event would pose to the successful evacuation of the users 
being trapped inside the tunnel. However, the 1-D and 3-D analyses do not always provide iden- 
tical results and cautiousness should be shown not to introduce unnecessary, additional, 
resource-consuming safety measures or the opposite. This study provides an illustrative com- 
parison of the one-dimensional and three-dimensional analysis to showcase the fallacies that 
may occur. The analysis is applied on a typical Greek tunnel fulfilling the minimum require- 
ments of Directive 54/2004/EC. The results illustrate that differences in the obtained results may 
indeed occur. For instance, the gas temperature estimated from an 1-D analysis is higher than 
the 3-D analysis at low heights, close to the fire source (up to 50 m), while the radiant heat flux 
levels are much lower than the corresponding 3-D predictions. However, these differences are 
alleviated further upstream of fire location. By uncovering potential fallacies and challenges 
included in risk analysis studies towards fire events, this study aims to support tunnel operators 
and risk analysts in proposing realistic safety measures, when and if necessary. 


Keywords: Fire, risk analysis, road tunnel, safety measures, simulation 


1 INTRODUCTION 


Nowadays, tunnels are considered as an effective engineering solution in order to meet the 
transportation requirements of modern road networks for relieving densely populated urban 
areas and connecting distant areas. However, despite the undisputable advantages their use 
provides to the road network, tunnels are regarded as the most critical element of its infra- 
structure (PIARC, 2007). This criticality stems from the vulnerability of tunnel systems 
towards fire events, since a tunnel’s enclosed environment affects the evolution of fire, aggra- 
vating the potentially disastrous consequences (Ingason et al., 2014). Lessons learnt from the 
past indicate that the consequences such accidents can cause are not restricted only on 
the tunnel infrastructure itself or on its facilities but also on the losses and injuries among the 
users as well as on high expenditures for the tunnel’s rehabilitation and financial losses for 
the regional economy, because of the interruption in the operation of the tunnel, and thus of 
the wider network (Voeltzel & Dix, 2004). Considering the rapid increase of tunnels world- 
wide, the risk of fire accidents in tunnels remains a major threat. Therefore, practitioners’ 
efforts should be intensified on developing efficient safety strategies. 
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Responding to the aforementioned challenge and to public pressure, as well, which has been 
intensified due to the catastrophic accidents that occurred in the late 1990s in major European 
tunnels, the majority of countries around the world have incorporated in their regulations the use 
of risk analysis as an essential step, which should be carried out throughout the life cycle of 
a tunnel, in order to support safety analysts and tunnel managers to make proper decisions, 
aiming to increase the preparedness of tunnel systems against potential fire events (PIARC, 2008). 

Risk analysis is the systematic process through which scientific knowledge is applied to the 
examined system with the aim to describe, evaluate and manage risks important to human 
wellbeing (Hammitt & Robinson, 2021). The successful implementation of road tunnel risk 
analysis, when only non-dangerous goods are involved in the fire event, is based on the fulfill- 
ment of two objectives (Ntzeremes & Kirytopoulos, 2018). Initially, the performance of the 
entire tunnel system in case of a fire event should be assessed, i.e. its infrastructure, facilities, 
and all its sub-systems. The evaluation of their performance is based on the estimation of the 
smoke and the gas temperature inside the tunnel during the event. Subsequently, the impact of 
these two factors on users should be evaluated. This step is conducted through the examin- 
ation of the evacuation process of the users, who are trapped inside the tunnel, with the goal 
to estimate potential losses among them. 

In order to fulfill the aforementioned objectives, a representative estimation of the fire evo- 
lution is the key factor of the whole process. As far as fire modelling is concerned, regulative 
requirements have issued certain relevant guidelines. At first, they dictate analysts to examine 
the event by simulating the evolution of the fire until the 30 minute after fire initiation, since 
after this time members of the rescue teams are considered to have approached the fire loca- 
tion (PIARC, 2008). Furthermore, the regulatory requirements place special emphasis on 
whether the back-layering phenomenon will be developed, since if it happens it may dispro- 
portionally prevent the successful evacuation of users (Ntzeremes et al., 2020). However, the 
examination of the fire evolution can be categorized, based on two different methodological 
approaches; in the first case, the practitioner proceeds with the simulation of the fire evolution 
by considering only the longitudinal dimension of the tunnel (1-D simulations), whereas in 
the second case, the fire evolution is simulated in all dimensions (3-D simulations). 

A brief comparison of these two approaches showcases some significant differences. The 
one-dimensional (1-D) approach provides reliable results regarding the development of the 
back-layering phenomenon, as well as the impact of ventilation on the tunnel’s airflows, in 
general. The 1-D simulations provide estimations of the gas temperature and smoke for the 
entire tunnel, considering each cross-section using a single-point assumption. On the other 
hand, the three-dimensional (3-D) approach carries out a full simulation of the fire evolution 
by taking into account the role of both the turbulence and fire chemistry while it provides 
a detailed calculation of the gas temperature and smoke for the entire tunnel, in all dimen- 
sions. However, 3-D analyses result in significantly higher computational costs, thus rendering 
them more time consuming than 1-D; in addition, the successful use of 3-D simulations tools 
requires users with high expertise levels. 

Bearing in mind the pros and cons of both approaches, a crucial question arises from the 
risk analysis perspective. Can 1-D analysis support practitioners to make proper decisions, 
aiming to increase the preparedness of road tunnels towards fire events or is only the 
3-D analysis the required approach for ensuring a successful outcome? In this context, little 
research has been done until now in order to provide practitioners with a clear answer. To this 
respect, this study aims to provide practitioners with some initial guidelines on the aforemen- 
tioned question by comparatively assessing the results of each fire simulation approach in 
a specific tunnel fire event. To do so, a fire event in a typical road tunnel in Greece, which 
belongs to the Trans-European Road Network, is simulated. More specifically, both 1-D and 
3-D simulation approaches are implemented for a specific fire scenario, exhibiting a maximum 
Heat Release Rate (HRRmax) of 100 MW. Subsequently, the gas temperature as well as the 
radiant heat flux on specific locations of the tunnel are estimated in order to indicate if the 
outcome provides the required information to answer the question on whether the examined 
tunnel is safe, and if not, to support practitioners to make a decision on which additional 
safety measures are needed in order to mitigate the associated risks. The ultimate goal of this 
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study is to inform both risk analysts and tunnel managers regarding the potential fallacies and 
challenges included in risk analysis studies of road tunnel fires, and as a result, enable them to 
employ the appropriate additional measures, if necessary. 


2 METHODOLOGY 


2.1 Description of the considered road tunnel 


The selected tunnel is a typical unidirectional rural road tunnel found in Greek motorways. 
The tunnel fulfills, without any deviation, all the minimum requirements regarding its facilities 
and infrastructure referred in the Directive 54/230/2004 of the European Parliament and the 
Council for all tunnels longer than 500 m that belong to the Trans-European Road Network 
(EC, 2004). 

The downward branch of the tunnel is being studied, with a northwest direction, a length of 
approximately 500 m and a slope of 5% downhill as well as sideways, as shown in Figure 1 
(left). The tunnel has one connecting pedestrian gallery located in the middle of the tunnel. 
The connecting gallery can be used by pedestrians as an emergency exit to the healthy tube. 
The emergency exit is isolated with fire resistant doors that prevent the spread of smoke and 
heat and is appropriately marked with reflective and illuminating signs. The tunnel does not 
have connecting galleries for vehicles nor lay-bys due to its short length. It is also noteworthy 
that in this specific case we consider the absence of a mechanical ventilation system (not 
a prerequisite because of the tunnel characteristics). 


Heat Release Rate (MW) 


0 500 1000 1500 2000 2500 3000 3500 4000 4590 5000 
Time (s) 


Figure 1. Numerical mesh used for the CFD simulations (left) and time evolution of HRR (right). 


In general, it is important for a risk analysis study to reveal the full range of potential prob- 
lems in case of fire events. Therefore, almost always risk analysis aims to examine fire scen- 
arios that are able to cover, in a representative way, the entire range of the corresponding 
potential variations. Greek normative provisions impose the examination of specific fire scen- 
arios (AAT, 2011); as a result, the fire performance of every tunnel in Greece should be 
assessed following this standardization. In this study, the selected fire scenario is one of the 
scenarios imposed by the Greek provisions. Its HRRmax value is 1OOMW; it is reached in 5 
minutes after fire initiation. The detailed HRR profile, as a function of time, is presented in 
Figure 1 (right). 

This scenario is selected as the most unfavorable for non-hazardous loads, and concerns the 
fire in a heavy good vehicle, exhibiting a HRRmax value of 100 MW, with the following char- 
acteristic values: 


e The time that HRR reaches linearly its peak value is 5 min after fire initiation. 
« The time that HRR enters the decay phase is 65 min after fire initiation. 
e The total duration of the fire event is 85 min. 
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The location of the examined accident is assumed to be 110 m upstream the vehicle exit 
portal of the tunnel. This scenario is considered to be the most severe, since when the fire is 
located upstream of the tunnel’s exit portal it works as an obstacle for the following vehicles 
while the slope of the tunnel and the direction of the wind aggravates the tunnel airflows. 


2.2 I-D simulations 


In order to calculate the fire evolution using the 1-D simulation approach, the Camatt 2.0 
software is employed (CETU, 2005). Camatt 2.0 was developed by the French Tunnel Study 
Centre (CETU) and it is used to estimate the tunnel airflows in case of fire events without the 
involvement of dangerous goods. The outcome of the simulation provides the analyst with the 
gas temperature in any location of the tunnel, as a function of time. 

Regarding the traffic characteristics, the required parameters are inserted based on the 
existing transportation studies. Basic input parameters are the number of vehicles per hour, 
which is 55 veh./hour for the examined tunnel, and the percentage of heavy good vehicles, 
which is 29%. The significance of these parameters is related to their impact on the piston 
effect as well as the number of potential users being trapped inside the tunnel. It should be 
noted that the traffic is assumed to be uniform. 

As far as the air velocity inside the tunnel is concerned, the cumulative frequency of the winds 
with a value of 95% includes wind speed measurements up to 5 m/s based on meteorological 
records in the vicinity of the tunnel. Higher speeds have a negligible incidence. According to the 
wind rose, the most common direction of the wind is from the North, while southwest and 
south-southwest winds also often occur. Consequently, a north-westerly wind direction of 5 m/s 
is assumed. Moreover, it is also assumed that the ambient air velocity remains constant. 

Regarding the radiant heat flux, q (kW/m7), in contrast to the 3-D software that includes 
this estimation, in the 1-D analysis it is calculated implicitly, using the gas temperature simula- 
tion results (Ntzeremes, 2019). In summary, each cross-section is assumed to be a black body 
and adopts the point estimation of the 1-D analysis. 


2.3 3-D simulations 


The FDS code, version 6.7.3 (McGrattan et al., 2021), was used to perform the fire simula- 
tions. FDS is an open-source Computational Fluid Dynamics (CFD) code; it is the product of 
an international collaboration, led by the National Institute of Standards and Technology 
(NIST) in USA and the Technical Research Centre (VTT) in Finland. In the FDS code, the 
Navier-Stokes equations are solved using a second-order finite-difference numerical scheme, 
using a low Mach number formulation. The turbulence model is based on the Large Eddy 
Simulation (LES) approach; the combustion model assumes a mixing-limited, infinitely fast 
reaction. The Radiative Transfer Equation (RTE) is solved using the Finite Volume Method 
(FVM). The wall heat losses can be calculated by solving Fourier’s 1-D equation for thermal 
conduction across the solid boundaries of the computational domain. 

The computational mesh was selected based on a preliminary grid independence study, 
including 4 different computational mesh configurations, which was carried out using avail- 
able experimental measurements (Cheong et al., 2014). Consequently, a non-homogeneous 
computational mesh was used for the CFD simulations. More specifically, the computational 
cell dimensions were 0.60 m x 0.35 m x 0.20 m close to the fire area and 0.60 m x 0.35 m x 
0.40 m in the rest of the simulated area; the total number of computational cells used in the 
simulations were 442816. A numerical mesh quality criterion commonly used in fire CFD 
simulations is expressed as D*/5x > 10, where D* is the characteristic diameter of the fire and 
ôx corresponds to the average size of the computational cells (McGrattan et al., 2021). The 
D*/d5x values in the simulated test cases were estimated to be 17.4 near the fire area and 13.8 
over the rest of the computational domain, thus complying with the aforementioned mesh 
quality criterion. The tunnel axial and lateral slopes were incorporated into the model impli- 
citly, by modifying the gravity vector components on the three axes (Figure 1, left). 
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The characteristic curve of the fire HRR versus time is depicted in Figure 1 (right); the fire 
source was assumed to be a burning heavy goods’ vehicle, which was modelled as 
a rectangular surface, measuring 9.6 m x 2.8 m x 0.0 m (LxWxH), located at the tunnel 
floor. Heptane was selected as a “surrogate” fuel, exhibiting a soot yield of 1% of the fuel 
mass and a radiative fraction equal to 0.3. 


3 RESULTS 


Simulations of an identical road tunnel fire scenario (c.f. Section 2), have been performed 
using both the 1-D and 3-D simulation methods. Figure 2 depicts results of the 
3-D simulations, corresponding to the spatial distribution of gas temperatures inside the 
tunnel, 2000 s after fire initiation; two characteristic cross-sections are shown, one at the mid- 
plane of the fire source (Figure 2-left) and the other at the mid-plane of the emergency exit 
(Figure 2-right). It is evident that substantial thermal stratification is observed in both cross- 
sections, due to the thermal buoyancy effects; the hot combustion products, due to their lower 
density, move towards the ceiling, whereas the colder (and, thus, heavier) ambient air remains 
close to the floor. In addition, a highly inhomogeneous gas temperature vertical distribution is 
observed near the fire source (Figure 2, left), where extremely high temperatures are observed 
at the vicinity of the flame, close to the ground, whereas lower temperatures are predicted 
near the tunnel ceiling, due to the ambient air flowing from the upstream direction (vehicle 
exit portal). Further downstream, close to the emergency exit (Figure 2, right), the tempera- 
ture distribution over the entire tunnel cross section is more homogeneous, due to turbulent 
mixing and mass diffusion phenomena; however, a distinct thermal stratification is still evi- 
dent. The 1-D simulation tool is inherently not capable of describing the thermal stratification 
effects, evident in the 3-D simulations. 


Time: 2000, 


Figure 2. Spatial distribution of gas temperatures at the cross-section of the tunnel, 2000 s after fire 
initiation, at the middle of the fire source (left) and close to the emergency exit (right). 


Figure 3 depicts a comparison of the time variation of the simulated gas temperature for 
four characteristic locations inside the tunnel, for the first 30 min of the simulation; the 
reported axial distance corresponds to the distance between each location and the vehicle exit 
portal (x = 0 m). Gas temperature is an important parameter, since it affects the thermal 
environment that tunnel users are being exposed to. In order to compare the two different 
simulation approaches, the depicted gas temperatures for the 3-D simulations are taken at 
a height of 1.5 m above ground, corresponding to the height of the eyes and mouth of an aver- 
age human; this is the typical height of interest in risk assessment studies, therefore the 
1-D simulation tool results commonly “correspond” to this height. As expected, due to the 
developing thermal stratification, gas temperature predictions of the 3-D simulations above 
that height are significantly higher. 

The selection of the four characteristic locations is not arbitrary; since the fire source is 
located 110 m from the vehicle exit portal and the emergency exit is located mid-tunnel, the 
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selected points aim to illustrate the impact of the gas temperature on specific locations that may 
provide a meaningful outcome regarding whether the evacuation of potential trapped users will 
be successful or not. Therefore, the first point (x = 120 m), which is located 10 m upstream from 
the fire, aims to indicate the change in gas temperature close to the fire. The second point (x = 
160 m), located 50 m upstream of the fire, indicates the gas temperature within an area that 
trapped vehicles might have stopped. The third point (x = 310 m), located 50 m downstream of 
the emergency exit, is selected in order to test how quickly the gas temperature will threaten the 
users. Finally, the fourth point (x = 310 m), located 50 m upstream the emergency exit and 
approximately 200 m downstream the vehicle entry portal, aims to showcase the magnitude of 
the risk throughout the tunnel. Since the evacuation process is out of the scope of this study, the 
analysis is focused explicitly on the thermal environment developing inside the tunnel. 
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Figure 3. Gas temperature time variation in four characteristic locations inside the tunnel (x = 120 m, 
x = 160 m, x = 210 m, x = 310 m). 


Overall, predictions of both simulation tools suggest that back-layering will be developed. 
A deeper examination of the results indicates significant differentiations along the tunnel. 
Close to the fire source, the gas temperature predictions of the 1-D analysis are higher than 
the corresponding predictions of the 3-D analysis (at a height of 1.5 m); however, further 
upstream, predictions of both simulation tools are, qualitatively and quantitatively, quite simi- 
lar. In all locations, 1-D predictions suggest an initial temperature increase until an almost 
constant temperature value is achieved, at a certain time; 3-D predictions, due to turbulent 
mixing effects, do not exhibit such “gentle” variations. However, the agreement between the 
predictions of both simulation tools is quite remarkable, taking into account the significantly 
different modelling methods used in each case. 

In addition to gas temperature and convective heat flux, radiant heat flux is another crucial 
factor that affects users’ evacuation performance. Figure 4 depicts predictions of the temporal 
variation of the horizontal radiative heat flux at four characteristic locations inside the tunnel, 
until the 30 minute after fire initiation. In this case, close to the fire source (x = 120 m), 
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radiative heat flux predictions of the 3-D tool are quite larger than the respective results of the 
1-D tool; this is mainly owed to the high temperatures observed near the flames (c.f. Figure 2, 
left), thus resulting in significant radiative heat flows. Further upstream, away from the flame, 
3-D heat flux predictions are lower than the respective 1-D values; this is mainly due to the 
single-point estimation of the 1-D tool, together with the assumption of black body emissivity, 
which can result in an overestimation of the radiative heat flux. On the contrary, thermal 
stratification effects, together with the 3-D calculation of the view factor, result in 
3-D predictions that exhibit a more rapid decline of the radiative heat flux moving upstream 
from the fire source. Once more, turbulent effects simulated in the 3-D tool result in abrupt 
changes with time, whereas the 1-D predictions exhibit an almost linear behavior. 
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Figure 4. Radiant heat flux time variation in four characteristic locations inside the tunnel (x = 120 m, 
x = 160 m, x = 210 m, x = 310 m). 


4 CONCLUSIONS 


By implementing both 1-D and 3-D simulation tools to describe a specific road tunnel fire 
event, the aim of this study is to investigate whether 1-D simulations can be a trustworthy tool 
from the risk analysis perspective, or whether it can mislead the practitioners in achieving 
a reliable estimate of the fire risk of the tunnel. 

A brief comparison of the approaches is carried out and the observed differences regarding 
the precision on the estimation of the tunnel airflows are highlighted. Undoubtedly, 
3-D results provide significantly more information since 3-D simulations take into account the 
turbulence and the fire chemistry, while estimating fluid flow in all dimensions. 
1-D simulation tools calculate the tunnel airflow on the longitudinal dimension only, without 
incorporating the aforementioned parameters in detail, considering each cross section as 
a single-point estimation. 

Both approaches are implemented in a typical rural Greek road tunnel that complies, without 
any deviation, to the minimum safety requirements of the Directive 54/2004/EC (EC, 2004). 
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The obtained results, in terms of gas temperature and radiant heat flux, are summarized in Fig- 
ures 3 and 4. Although predictions identify the anticipated differences between the two 
approaches (c.f. Section 3), they also illustrate that 1-D predictions may lead to similar overall 
conclusions for the fire safety level of the tunnel as the much more detailed, 3-D predictions do. 
Both modelling approaches indicate that back-layering is developed and extends throughout 
the tunnel. Regarding gas temperatures, the outcomes are very similar, except from the area 
close to the fire source where the 1D model gives more adverse results. Regarding the radiant 
heat flux, the 3D model is more conservative closer to the fire source and less conservative fur- 
ther away. The results cannot estimate the overall safety of the tunnel, unless additional infor- 
mation/assumptions and evacuation analysis is carried out. 

As that, the decision regarding the impact of the environment on users’ evacuation depends 
on additional parameters, which can alter the outcome. These parameters are the number of 
users that will be trapped, their behavior during the evacuation process, and the tenability 
thresholds that will be applied (Ntzeremes et al., 2020). For instance, Greek normative provi- 
sions consider that when exposed at radiant heat flux levels lower than 2.5 kW/m7, users are 
not affected by radiation (AAT, 2011). Thus, except the first location (x = 120 m), close to the 
fire source, all the other locations are considered safe regardless of the modelling approach 
followed. 

Although the data used in this study are realistic, the absence of a real test to verify, at 
least, some of the results, can be considered as a limitation. Further steps of this research 
endeavor will be the comparison of both approaches in a variety of road tunnel fire events, in 
order to further strengthen the obtained outcomes. 
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Development near underground rail corridors — Engineering 
assessment with case studies 


J. Pan, A. Kuras & N. Loganathan 
WSP Australia Pty Ltd, Sydney Australia 


ABSTRACT: Building development near underground rail corridors can have the potential 
to cause adverse impacts to the structural integrity and durability of existing underground rail 
infrastructure or impact the feasibility of future planned rail lines. Therefore, it is important 
that developers can demonstrate that their planned construction will not compromise existing 
rail infrastructure and their operation or the feasibility of building new rail infrastructure. Deep 
excavations and building foundation, if poorly designed and implemented, can potentially cause 
significant ground deformation, alter loading profiles on underground structures and other 
engineered features. It can become imperative that detailed engineering and risk assessment is 
undertaken by developers to give confidence to the relevant rail authority that their construction 
will not be cause for concern. Through this process the impacted authorities are better placed to 
give their concurrence, as part of the local development application process. 

This paper presents general discussion on the methodologies and approaches that have 
been applied in Sydney, Australia, to assess the impacts of new development on existing or 
planned rail corridors, in accordance with the relevant guidelines and standards. Some typical 
case studies are discussed to illustrate the processes that have been implemented and the type 
of assessments that have been undertaken to ensure that building development and rail assets 
can co-exist without adversely impacting each other. 


1 INSTRUCTIONS 


Existing and planned underground rail infrastructure is typically protected through the estab- 
lishment of reserved spatial corridors, which function to secure safe rail operation from future 
expansion of city infrastructure. This is achieved through the establishment of mechanisms or 
processes, in compliance with standards and guidelines; whereby building development that 
physically falls within these corridors requires additional consent or concurrence from the 
affected rail operator to gain development approval. 

This consent is needed as building development near rail corridors, if unchecked, could 
have undesirable impacts on the structural integrity of existing underground rail infrastructure 
or place unintended restrictions on the construction of future rail line. For instance, poorly 
designed earthworks or deep excavations can cause ground movement at tunnel level, alter 
loading profiles on tunnels and other engineered features; and in the worst-case scenario, 
cause structural failure or even collapse. 

The authors have been engaged by both developers and rail authorities in Sydney, Austra- 
lia, over several years to develop the technical standards and guidelines and also provide tech- 
nical advice on the assessment of developments applications adjacent to rail corridors. This 
paper discusses the process and engineering principles applied to conduct engineering impact 
assessments, as is illustrated with case studies, to ensure that the construction of the proposed 
developments did not result in unacceptable impacts to existing and planned rail assets. 
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2 DEVELOPMENT SITE AND UNDERGROUND RAIL CORRIDORS 


2.1 Rail corridors 


Within major cities there may be multiple rail authorities, each of whom are responsible for 
protecting their respective rail corridors (Figure 1). Invariably each operator imposes their 
own set of protection guidelines or mandated requirements, as laid out in their standards. 
Notwithstanding, the most important step for any developer is to appreciate the physical pos- 
ition of their development in relation to the infrastructure within the rail corridor. This under- 
standing can be problematic where the rail infrastructure is underground, and in particular for 
aging assets with limited available survey information and as-built records. 


a 
Í 
Sydney Trains’ City Circle Line Sydney Future Rail Corridors 


Figure 1. Typical preliminary information of rail corridors, NSW Australia. 


2.2 Zones of protection 


Once the physical relationship has been established and the consent requirements identified, 
the developer will then need to reference the relevant rail guidelines to understand the extent 
and profile of the protected reserves that surround the infrastructure. As shown by Figure 2 
below, in the case of a rail tunnel or cavern this zone may be represented in section as 
a rectangle that can encompass the tunnels and other underground openings, such as large 
span caverns. In the case of station boxes, this zone could be represented as an underground 
offset perimeter that surrounds the sides and base of the station excavation. The purpose of 
deriving the reserve areas is to protect the existing or planned rail infrastructure from the adja- 
cent development. Table 1 lists some typical construction restrictions that can be applied, the 
details of which are defined in the relevant underground rail corridor protection guidelines 
(e.g. ASA-TfNSW 2018, Sydney Metro 2021). 
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Figure 2. Typical protection reserves for rail corridors, New South Wales, Australia. 


Fundamentally, the aim of an engineering impact assessment, which normally includes the 
results of geotechnical investigations and detailed engineering analysis, is to prove compliance 
with the relevant standards or guidelines through the following: 


3225 


— Prove that no adverse impacts arising from the proposed development are expected on 
existing rail infrastructure or construction of planned rail lines. 

— Potential impacts from the operation of existing rail lines or construction of planned rail 
lines after completion/operation of the development have been considered and these have 
been determined by the developer to be acceptable. 


Table 1. Typical construction restrictions from rail authority. 


Types of construction First reserve Second reserve 

Excavation for basements Not allowed Excavations < 2.0m assessment not required. 
Excavation > 2.0m assessment required. 

Shallow footings or pile foundations Not allowed Allowed, subject to load restrictions. 
Assessment required. 

Tunnels and underground excavations Not allowed Allowed, subject to assessment. 

Ground anchors Not allowed Allowed, subject to assessment. 


Demolition of existing subsurface structures Not allowed Allowed, subject to assessment. 


2.3 Geotechnical site investigation 


In the case of either planned or built underground infrastructure, it is important to gain 
a detailed understanding of the expected ground conditions below and around the development 
within the rail corridor. In part, this is because the interpreted conditions will inform the subse- 
quent engineering assessments and as such the interpretation needs to be as accurate as possible. 

Further, geotechnical inputs need to be quantified to enable a reasonable, safe, cost- 
effective and prudent building design. These inputs include developing a ground model both 
within and outside the site, identifying and characterising the properties of the geotechnical 
units, understanding the range of potential groundwater conditions, and determining the 
insitu stress regime. 

The extent of geotechnical investigation requirements will vary depending on the risk asso- 
ciated with the development and can be established in consultation with the rail authority. 


2.4 Engineering analysis 


Where consent is required from rail authorities in Sydney, as triggered by state legislation, the 
developer may be required to carry out an engineering assessment to demonstrate that the 
effects of the proposed development on the existing tunnels and underground facilities will not 
cause adverse physical effects. Through the consent process, rail operators have the authority 
to request that developers verify acceptable impacts through engineering analysis and impact 
assessment. The level of assessment required is invariably governed by the complexity of the 
project and its potential to physically effect the underground rail structures of concern. The 
key technical obligations and accompanying documentation that the developer may need to 
undertake and submit to gain consent from the rail authorities can include the following: 


— Numerical modelling: This type of assessment will require the preparation of numerical 
models that represents critical areas of rail/building interface and encompass the specific 
elements of rail infrastructure of concern. The modelling should incorporate construction 
sequencing including basement excavation and the eventual application of foundation load- 
ing. Models should include such features as relevant existing or planned structures, pro- 
posed building foundations and shoring systems for basement excavation. Further, the 
models need to accurately reflect the ground profiles, stratification, geological features and 
apply credible geotechnical parameters, as derived from the interpretation of the results 
from site investigation. 

— Ground movement and building impact assessment: This assessment deals with the severity of 
potential ground movements and the associated actions on all modelled structural elements. 
The results from this modelling must be viewed against acceptance criteria, as detailed in 
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the rail authority guidelines or standards. These place restrictions on key parameters such 
as ground movement, changes of stresses within the rock mass surrounding the infrastruc- 
ture and structural deformation and actions, as induced on underground support and 
internal structures. 

— Instrumentation and monitoring plan: This plan is needed to measure, review and verify that 
the realised physical impacts are consistent with predictions. Plans typically establish 
a regime by which ground deformation, tunnel convergence, stresses in the structural sup- 
port and surrounding rock mass stresses, cracking of the support structure, ground-borne 
vibration can be monitored. The plans also establish the protocols for reporting and action 
taking if nominated trigger levels are reached and exceeded. 

— Safe work method statements (SWMS): The preparation of SWMS is a fundamental neces- 
sity of construction. The developer needs to provide confidence that the building can be con- 
structed without exposing the nearby underground rail assets to unacceptable risk. In some 
cases, the rail authority and the developer may need to enter into a deed to cover the building 
construction phase. In which case, it is a typical requirement that a risk assessment report 
and safe work method statements are submitted prior to commencement of the works. 

— Noiselvibration assessments and stray current analyses: These are important assessments 
that need to be carried out to ascertain the potential impacts of noise and vibration during 
construction on rail operations and conversely the impact of noise and vibration from rail 
operation on the completed building. The main concern from rail stray current is the detri- 
mental impacts that these electrical currents can have on the design life of buildings 
through accelerated degradation of structural elements. 


3 CASE STUDIES 


Each new development and their potential rail impact is unique in terms of its form, features 
of the rail asset of concern and the ground conditions separating the building from the under- 
ground structure. Three cases studies are described that illustrate the types of assessment that 
may need to be undertaken on behalf of the developer to assist them with securing consent 
from the rail authority. These case studies deal with situations where the design of the building 
structure needed to consider the presence of rail assets that were either comparatively new, 
still in the planning phase or aging and so would be at particular risk. 


3.1 Case 1 - Development adjacent to the existing station cavern and shaft 


3.1.1 The site and ground conditions 

This development is within Sydney’s western suburbs and as shown in Figure 3 below, 
involved the construction of a multi-storey building with three levels of basement excavation 
immediately adjacent to an existing rail station. As shown in Figure 3 below, this existing sta- 
tion is configured to include a 30m deep mined large span island platform type station cavern. 
The main station cavern is approximately 200m in length with a span of 20m; the main con- 
course cavern is 70m long and 16m wide and connected to the platform cavern by cross adits; 
and to street level by twin 36m deep access shafts. 

Based on the available geotechnical information and site-specific investigation, the base- 
ment excavation for the proposed building development intersected, in descending order, fill 
materials, residual clays stiff to hard consistency, siltstone of varying strength from very low 
to medium strength with increasing depth, interbedded siltstone and sandstone of medium to 
high strength, grading into sandstone (known as Hawkesbury Sandstone) of increasing 
strength and quality. 


3.1.2 Engineering assessment 
As part of a technical impact assessment the following issues were identified by WSP, who 
supported the developer to gain consent. The critical issues that were identified from the 
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Figure 3. Development site and adjacent rail infrastructure (protection reserves based on TIDC, 2008). 


outset, which needed to be considered by the building design and assessed to quantify their 
relative impact to the station structures are listed below: 


— The basement retention system needed to ensure that changes in integrity of the surround- 
ing rockmass and ground movement during basement excavation would be minimised. 

— Temporary ground anchors used to support the basement excavation were not permitted to 
encroach into the nominated protection zone. 

— A feature of Sydney ground conditions is the presence of high horizontal stress (locked in 
tectonic stress) conditions which can cause significant horizontal displacement along hori- 
zontal bedding planes, when stresses are relieved due to open excavation. Where this hori- 
zontal movement has the potential to occur across discontinuities, this movement can 
damage the integrity of existing permanent rockbolts, which are invariably double corro- 
sion protected. 

— The building foundation design would need to be such that the zones of load influence 
would not extend to within the area of the rail infrastructure. 


With the above in mind, WSP undertook numerical modelling to assist with predicting the 
impacts of the development and so prove acceptable effects. These models reflected critical 
cross sections, of which one is shown by Figure 4. This model incorporated the station con- 
course, cross adit and platform cavern, proposed basement excavation, geological profiles and 
construction sequences. 

The results of all the modelling indicated that the additional maximum vertical and horizon- 
tal deformation around the cavern profile caused by building construction would be limited to 
3mm and less than 10mm (noting that rockbolt durability criteria is provided in the relevant 
standard) within the vicinity of the station west entry shaft. Further, the change in stress 


Figure 4. Geotechnical model for the Section adjacent to station concourse and cavern. 
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distribution, prior to and after proposed basement excavation (including application of foun- 
dation loads), was found to be negligible around the areas where rockbolt support for the sta- 
tion cavern is present. Similarly, the predicted maximum differential movement across 
modelled joints, which could be caused by building construction in the vicinity of the rockbolt 
zones around the station and concourse caverns, would be limited to around | to 2mm. 

The predicted proposed development induced effects on the existing rail asset support 
system was found to lie within the acceptable effects as defined in the TfNSW Standard. The 
developer was eventually given consent to proceed with their development on the strength of 
the analysis, which had proven that the station structures would only undergo nominal 
deformation and the existing permanent rockbolts would not be subjected to differential shear 
deformation that could potentially cause damage to their protective sheathing. 


3.2 Case 2 - Development adjacent to planned station cavern 


3.2.1 The site and ground conditions 

For the case study, the proposed development consisted of a proposed multi-storey tower in 
North Sydney. The development included six levels of basement requiring deep excavation up 
to 20m below ground surface. Previous planning for future expansion of the Sydney rail net- 
work provided for a possible underground station adjacent to the proposed tower develop- 
ment as part of a project that was termed the Sydney CBD Rail Link (Figure 5). Regardless of 
whether this station is eventually built, its associated rail corridor must still be protected. To 
inform any assessment that must be undertaken, consideration needed to be given to the ori- 
ginal concept design, which is shown in Figure 5 below. This station configuration comprised 
a 210m long platform cavern with a span of 20m aligning below Mount Street. 
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Figure 5. The proposed tower development and future CBDRL Station. 


To inform both the building design and the rail assessment, geotechnical investigations 
were conducted around the proposed basement with two boreholes specifically cored to target 
the ground conditions at the proposed station cavern location. These boreholes extended to 
some 40m below ground surface, which corresponded to a depth of around 5m below pro- 
posed track level of the planned station. The site investigations revealed that the ground con- 
ditions are dominated by the presence of high-quality sandstone at the level of the station. 


3.2.2 Engineering assessment 

Figure 6 below shows the engineering restrictions that were established by the rail authority to 
protect the ground around the planned station. At the time of their development, it was judged 
that by complying with these requirements, the station could be designed and constructed with- 
out impediment; on the premise that in its final state the station would resemble the original 
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concept design. WSP were engaged on behalf of the developer, to carry out an engineering 
assessment to demonstrate that the excavation and loads associated with the tower structure 
would not adversely impact on the future construction, operation and maintenance of the 
underground station. In order to ensure that the assessment would be accurate in its assump- 
tions WSP was involved in discussions with both the rail authority and developer to understand 
potential timing and construction sequencing of both the development and the station cavern. 
Once established numerical analysis would be conducted based on the following presumptions: 


— The tower foundations were arranged such that their zone of influence did not extend to 
within the protection rail cavern profile. 

— The cavern would probably be supported in the permanent condition using either a sprayed 
concrete lining which is approximately 300mm in thickness; or a combination of a 200mm 
thick sprayed concrete lining and permanent rockbolts installed in a pattern arrangement. 


Numerical modelling was carried by WSP that considered the worst credible insitu stress 
regimes that could exist at the site (Pan & Glastonbury 2013) and using material properties 
that were consistent with the high-quality sandstone conditions. The results from the model- 
ling provided the following predictions, which were presented to the rail authority for their 
consideration and eventual consent approval. 


— The construction of the station cavern, which would occur after the construction of the 
tower, would induce less than around 18mm in either the vertical or horizontal direction 
below the foundations. This level of movement was judged by the building designers to be 
acceptable and would not result in any loss of integrity and functionality of the building 
structure. 

— The modelling suggested that the induced stress concentrations under the building footings 
was well within the assessed rock strength capacity of the sandstone expected at the site. 

— For the agreed station cavern excavation sequencing and ground support, the predicted 
vertical movement at station crown would be within the range of movement that was 
recorded for the existing Macquarie Park Station cavern during its construction, which was 
undertaken in similar ground conditions. 
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Vertical downward loadings 
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loading to be designed to 
allow for rock removal within 
station excavation zone 


Figure 6. The proposed tower and future rail station protection requirements. 


Based on this modelling and through consultation between the rail authority and developer 
this landmark tower structure was eventually given approval to proceed to construction. 


3.3 Case 3 - Development adjacent to existing station cavern and rail tunnels 

3.3.1 The site and ground conditions 

For this example, the proposed development would involve the demolition of the existing 28 
storey commercial building (including all basement levels the building footings) within 
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Sydney’s Central Business District (CBD) and the construction of a taller 33 storey tower, 
which would require some further minor excavation of the existing basement excavation. Of 
specific interest, the site lies adjacent to vital but ageing rail infrastructure: namely the City 
Circle and Western Suburbs line running tunnels to the east, which was constructed in the 
1920’s; and to the south, Martin Place Station (Eastern Suburbs line), which was constructed 
from 1967 to 1979 and is configured to have binocular platform caverns (Figure 7). 


Figure 7. Plan showing DA site and adjacent rail infrastructure. 


Geotechnical investigation for the development and reference to existing available geotechnical 
information indicated that the ground around the tower comprised around 4 to 6m of residual 
material, overlying weathered sandstone, which improves in quality and strength with depth. Of 
some concern was the fact that local faulting associated with the Martin Place Joint Swarm was 
expected below the site and the rockmass could contain high horizontal insitu stresses. 


3.3.2 Engineering assessment 

Given the age of existing rail caverns and running tunnels, it was found through reference to 
historical as-built records that these underground structures are supported by concrete linings of 
relatively low strength. At an early stage and through discussion with the rail authority it was 
determined that the operator had no specific requirements (outside of the those from the general 
standards relevant to rail protection) or concerns that needed to be addressed at the time of the 
development proposal. However, following further consultation with the rail authority and it 
was agreed that the engineering assessment should aim to address the following: 


— Assess the effects of the construction sequencing using numerical modelling to investigate 
the risk of induced cracking of the aging and low strength structural linings and issues asso- 
ciated with uplift from unloading from the demolition of the existing building. 

— Assess the effects of additional localised basement excavation, which would cause some 
level of stress relief of the rock adjacent to the running tunnels. 

— Determine the impact on the aged infrastructure from the additional building loads. 

— Ensure temporary ground anchors are not required that would encroach into the rail corridor. 


Detailed finite element analysis was carried out to demonstrate the impacts on the rail infra- 
structure from the tower construction, additional basement excavation and construction of 
the new building would be acceptable. Two sections were identified as being critical and so 
were modelled. The first model encompassed the basement and the existing station cavern, 
whilst the other focused mainly on the running tunnels. The results suggested the following: 


— The existing running tunnels would deformation no more than 2mm vertically and the cav- 
erns could squat only a further 5 to 6mm depending on the assumed insitu stress conditions. 

— The maximum increase in induced insitu stresses, as caused by the construction of the new 
development, were calculated to be low and within the rockmass strength. 
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Based on these results, which indicted the development would result in only minor changes 
to existing ground stresses and so cause minimal deformation of the existing tunnel and 
cavern support, the rail authority was given sufficient confidence so as to be able to provide 
their concurrence. 

A review of published information regarding other deep excavations in Sydney sandstone 
indicated that these results were consistent with those recorded monitoring results sourced 
from developments across the CBD. Importantly, the results fell within the limits that have 
been previously accepted for other developments. From these results and comparison this 
development progressed to construction. 


4 CONCLUSIONS 


Based on the significant experience of the authors, this paper presents the general approach 
and methodology that is typically applied by rail authorities in Sydney to protect their existing 
underground assets and planned rail corridors. This is illustrated by reference to case studies 
where the authors’ have provided technical support to developers to gain approval from rail 
authorities. The three cases presented are examples of developments which were of specific 
concern based on their proximity to major rail assets. Their construction, if left unchecked, 
had the potential to cause unacceptable impact to the underground support structures. 
A collaborative approach was taken to help the building owners to navigate the protection 
guidelines and standards of the rail authorities and eventually receive concurrence from the 
rail operator. 

The assurance of acceptable impacts in these cases was given through undertaking engineer- 
ing assessments and specifically numerical modelling to demonstrate compliance with the 
nominated performance requirements. In some specific cases compliance with these require- 
ments may necessitate monitoring during construction, as established through a deed agree- 
ment. But ultimately the aim of these processes is to secure the safe operation of rail 
infrastructure and also avoid stifling future rail expansion through protected corridors. 
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Engineering correlations for critical velocity estimation in road 
tunnel fires: A comparative assessment using CFD tools 


G. Papadima & D.I. Kolaitis 
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ABSTRACT: One ofthe most frequent fire protection strategies used in conventional road 
tunnels is to employ jet fans to achieve longitudinal ventilation, aiming to eliminate the haz- 
ards associated with smoke back-layering. In this context, it is necessary to determine the 
“critical ventilation velocity” that prevents the development of toxic smoke flow upstream of 
the fire. Towards this end, a range of empirical correlations, aimed at estimating the critical 
ventilation velocity, has been proposed. This study aims to comparatively assess several such 
empirical correlations, using Computational Fluid Dynamics (CFD) simulations as 
a benchmark. Initially, the Fire Dynamics Simulator (FDS) CFD code was validated against 
experimental measurements obtained in a mechanically ventilated, 854 m long tunnel. Subse- 
quently, the FDS code was used to estimate the same tunnel’s critical velocity in a series of 
parametric simulations, by varying the exhaust volume flow rates delivered by the jet fans, as 
well as the maximum Heat Release Rate (HRR) of the fire. It was found that the critical venti- 
lation velocity generally increases with increasing fire size, until a certain HRR value, after 
which it becomes independent of the fire power. Predictions of nine different engineering cor- 
relations used to determine the critical ventilation velocity were then compared against the 
obtained CFD numerical results; the obtained discrepancies varied significantly, ranging from 
1% to 47%, thus suggesting that the investigated correlations exhibit notably different levels of 
prediction quality. 


1 INTRODUCTION 


1.1 Motivation 


Road tunnels have played a key role in transportation systems since the mid-20" century. 
Unfortunately, numerous disastrous road tunnel fires have occurred over the years, which 
have evidently shown the importance of protection strategies in such incidents. The gravity of 
fire incidents in road tunnels lies in the severe consequences they may entail, such as the con- 
siderable amount of economic losses, potential deterioration of the tunnel’s integrity, physical 
injuries, or even multiple casualties. 

Although major fires in tunnels seem to occur less frequently than fires in the open road, 
they are far more difficult to confront, suppress and extinguish, owing to the unique nature of 
the tunnel configuration. Fires developing inside a confined space spread more vigorously in 
comparison with open fires, due to the feedback of the heat and radiation from the surround- 
ing environment while producing large quantities of toxic gases and products of incomplete 
combustion. More specifically, fires mainly produce extensive heat, which is released to their 
surroundings through convective and radiative heat transfer. The high temperatures of the 
produced gaseous combustion products may cause structural damage to the tunnel, human 
injuries and even loss of life. However, real life incidents have shown that while heat is the 
main cause of damage to structure and installations, it is rarely the most important cause of 
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fatalities; the main parameters responsible for the loss of life are low visibility and long expos- 
ure to toxic gases. In fact, the developing low visibility conditions due to smoke production 
pose the primary threat to the tunnel’s users since they impede the evacuation and firefighting 
procedures; in addition, inhalation of toxic combustion products frequently results in severe 
injuries and even death. 

It is evident that effective control of the smoke and hot combustion products produced 
during a tunnel fire is of utmost importance. Therefore, the use of mechanical ventilation in 
road tunnels is considered to be essential. Applying the appropriate ventilation strategy, by 
taking into account the underlying ventilation conditions that prevail outside the tunnel and 
the tunnel’s geometry, may offer great advantages in terms of fire and smoke control. One 
important parameter associated with effective ventilation in the case of a tunnel fire is the 
“critical” value of the ventilation velocity that is required to completely hinder the spreading 
of the combustion products and hot smoke in one direction of the tunnel. 

In this context, this work aims to assess existing engineering correlations, appropriate for 
estimating the tunnel critical ventilation velocity. Towards this end, a comprehensive paramet- 
ric study is performed, by employing numerical results obtained in 3-dimensional Computa- 
tional Fluid Dynamics (CFD) simulations to evaluate the respective engineering correlations. 


1.2 Flow characteristics of tunnel fires 


The main characteristics of the flow developing inside a tunnel due to a fire event, have generally 
been determined by a variety of means, such as actual tunnel fire incidents, full- and reduced- 
scale experimental tests, as well as numerical simulations. The hot combustion products and 
smoke produced in the fire tend to move upwards, due to thermal buoyancy; when they reach the 
ceiling, they start moving horizontally, in all directions (Figure 1, left). The presence of an external 
airflow, either naturally or mechanically induced, directly affects the smoke stratification charac- 
teristics. In general, the main smoke flow shifts towards the direction of the governing airflow 
(Figure 1, right). If the ventilation velocity is not adequate, an “adverse-flow” smoke layer will 
continue to exist, developing at the upstream side of the fire; this phenomenon, known as “back- 
layering”, may have adverse effects on the evacuation process, therefore it is generally undesirable. 
The proper use of the tunnel’s mechanical ventilation system may assist in preventing the emer- 
gence of back-layering; although the use of mechanical ventilation may increase the fire’s heat 
release rate in certain cases, the benefit of preventing “back-layering” and keeping the evacuation 
routes clear of smoke is evidently outweighing this potential adverse effect. 
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Figure 1. General view of smoke propagation in a tunnel fire under no ventilation (left) and forced ven- 
tilation (right) conditions. 


1.3 Critical ventilation velocity 


When the ventilation conditions inside a tunnel are relatively weak due to natural ventilation, 
the smoke flow tends to spread towards both tunnel’s portals, downstream and upstream 
from the fire source. In order to prevent back-layering, a longitudinal wind is commonly cre- 
ated within the tunnel, via a mechanical ventilation system. However, in order to completely 
hinder the spreading of the hot combustion products in the upstream direction, the value of 
the imposed wind velocity must be equal or higher than its “critical” value. The “critical vel- 
ocity” is the single most investigated parameter in tunnel fire research, since it is directly asso- 
ciated with the creation of tenable conditions inside the tunnel for evacuation and firefighting 
purposes. In order to determine the appropriate critical velocity for the ventilation conditions 
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within a particular tunnel, quantitative analysis of fire and fluid dynamics and specific know- 
ledge on the particular fire scenario’s details, are required. In this frame, theoretical analysis, 
experimental testing and numerical simulation methodologies have been used to determine the 
main factors affecting the back-layering phenomenon, such as fire size, shape and location as 
well as the ventilation device arrangement and ventilation strategies. The influence of the tun- 
nel’s cross-sectional geometry and more specifically the influence of its height and width, has 
been also studied along with the impact of the tunnel’s longitudinal inclination. 

In Table 1, several existing correlations for estimating the critical ventilation velocity in 
a tunnel fire are presented; the main parameters appearing in the majority of the correlations 
are the critical velocity V,,. (m/s), dimensionless critical velocity V, (-), gravitational acceler- 
ation g (m7/s), heat release rate Q (kW), convective heat release rate Q. (kW), non-dimensional 
heat release rate Q” (-), tunnel height H (m), ambient air density p, (kg/m*), specific heat of air 
cp (kJ/kg K), smoke temperature T; (K), tunnel cross-sectional area A (m7), ambient air tem- 
perature T, (K), tunnel width W (m), tunnel aspect ratio A, (-); a detailed description of each 
correlation and the associated parameters can be found in the respective references. 


Table 1. Engineering correlations for the calculation of critical ventilation velocity. 


Reference Correlation 

Thomas (1968) Ver = K(gQHIpacpT;A)'”? 

Hinkley (1970) Va = K(gQ.TlpaceTa W)? 

Danziger & Kennedy (1982) Ver = KK (gQH pyc PTA)? 

Oka & Atkinson (1995) Ver = V” er-max (O 10.12)", for O'<0.12 or Va = V” ermaxs for O'>0.12 
Kennedy & Parsons (1996) Ver = Ki K(@Q-Hlpy¢ pT A)” 

Wu and Bakar (2000) Var = 0.4(0'10.2)", for O"<0.2 or Va = 0.4, for O">0.2 

Liet al. (2010) Va = 0.81(0")"”, for O"<0.15 or Va = 0.43, for O">0.15 

Li & Ingason (2017) Var = 0.81(A,)!7(0")!9, for Q*<0.154,!^, Va = 0.43, for O'>0. 154, 
Tang et al. (2018) Va = 0.81(0")"?, for O"<0.13 or Va = 0.42, for O">0.13 


A longitudinal ventilation system employing jet fans is highly effective in managing the 
backlayering effect. However, the jet fan induced air volume flow should be carefully selected, 
in order to effectively facilitate the evacuation process. In certain cases, the jet fan discharge 
velocities are selected to be quite high, in order to accelerate the prevailing flow adequately for 
the back-layering effect to be entirely prevented. However, in such a case, the high discharge 
air velocities may disrupt the existing thermally stratified smoke layer, both upstream and 
downstream of the fire. Especially if the ventilation velocity by far exceeds the corresponding 
“critical” value, it is possible for the existing smoke layer, both upstream and downstream of 
the fire, to be significantly vitiated. In this case, if smoke stratification disappears, there is 
a grave risk for people evacuating the tunnel. Therefore, the distraction of the stratified layer 
of smoke does not act in favor of the tenability conditions inside the tunnel, and should be 
avoided. As a result, several alternative longitudinal ventilation strategies have been devised, 
aimed at reducing the propagation of smoke, instead of eliminating it entirely; in this case, the 
ventilation flow velocities may be below the respective critical values, in order to preserve the 
smoke stratification. 


2 NUMERICAL SIMULATIONS 


2.1 Validation Study 


The FDS code, version 6.7.3 (McGrattan et al., 2021), was used to perform the fire simula- 
tions. FDS is an open-source Computational Fluid Dynamics (CFD) code; it is the product of 
an international collaboration, led by the National Institute of Standards and Technology 
(NIST) in USA and the Technical Research Centre (VTT) in Finland. In the FDS code, the 
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Navier-Stokes equations are solved using a second-order finite-difference numerical scheme, 
using a low Mach number formulation. The turbulence model is based on the Large Eddy 
Simulation (LES) approach; the combustion model assumes a mixing-limited, infinitely fast 
reaction. The Radiative Transfer Equation (RTE) is solved using the Finite Volume Method 
(FVM). The wall heat losses can be calculated by solving Fourier’s 1-D equation for thermal 
conduction across the solid boundaries of the computational domain. 

Aiming to determine the efficiency of the FDS code in simulating road tunnel fires, 
a comprehensive parametric study has been performed. More specifically, numerical simula- 
tions of the Memorial Tunnel Fire Ventilation Test Program have been conducted using the 
FDS code and the obtained numerical results were compared against the available experimen- 
tal measurements. The Memorial Tunnel Fire Ventilation Test Program (Bechtel, 1995) com- 
prised 98 full-scale fire tests, conducted in an abandoned, 853.8 m long and 8.8 m wide, road 
tunnel near Charleston, West Virginia (U.S.A.). Various tunnel ventilation systems and venti- 
lation configurations have been applied attempting to evaluate their respective smoke and 
temperature management capabilities, when exposed to fires of several MW’s. The data series 
recorded from the Memorial’s Tunnel Tests, form a significantly thorough and dependable 
database, suitable for validation of CFD simulations of tunnel fires. 

Two fire tests have been selected to be used for the CFD validation process. In the first 
case, Test 502, a fire of approximately 50 MW, located 615.4 m from the north portal of the 
tunnel, was used and no mechanical ventilation was imposed; velocity measurements suggest 
that back-layering was observed upstream of the fire source. In the second case, Test 615b, 
a fire of 100 MW, located 238.4 m from the south portal, was employed; in this case, 15 axial 
flow fans were installed north of the fire and were periodically operated during the test. Each 
jet fan had a length of 6.7 m and an inside diameter of 1.35 m; it was also equipped with a 56 
kW motor, able to deliver 43 m°/s at an exit velocity of 34.2 m/s. No back-layering was 
observed in the latter case. 


2.2. Numerical results 


A grid independence study was performed by utilising a series of non-uniform computational 
meshes; aiming to balance prediction quality and computational costs, the average cell size in 
all test cases considered was 0.2 m - 0.3 m close to the fire source and 0.5 m - 0.6 m further 
away from the fire. The commonly used mesh quality criterion, D*/d > 10 (McGrattan et al., 
2021) was satisfied by all considered meshes. The temporal variation of the pool fire’s heat 
release rate was set following the experimentally measured values. Assuming the fuel to be 
n-heptane, which is a commonly used “surrogate” fuel for fuel oil (that was actually used in 
the fire tests), standard soot and CO mass yield values for the combustion products were used 
(Hurley, 2016). 

Aiming to investigate the impact of several numerical and physical parameters on the pre- 
diction quality of the FDS code, a broad parametric study has been carried out. More specif- 
ically, the influence of the mesh resolution, the turbulent simulation mode, the radiative heat 
transfer from the fire and hot smoke, the CO and soot production from the fire and the effect 
of the roughness of the tunnel’s linings on the CFD results have been studied. Overall, 28 dif- 
ferent simulations have been performed. 

In Figure 2, numerical predictions of horizontal gas velocity profiles, using six alternative 
model parameter combinations, are compared against the respective experimental measure- 
ments; the depicted time snapshot corresponds to 14 min after fire initiation, when the fire is 
fully developed and quasi-steady state conditions have been established. Ambient air was meas- 
ured to enter through the outlet portal of the tunnel; positive horizontal velocity values coincide 
with the main flow at this position. The slightly negative horizontal velocity values near the ceil- 
ing, upstream of the fire source (which is located 614.5 m away from the inlet portal of the 
tunnel) suggest the emergence of back-layering; CFD predictions are able to reproduce this 
behaviour. Overall, CFD results were found to be, generally, in good agreement with the 
respective experimental measurements, in both fire tests considered. Based on a “Pareto front” 
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Figure 2. Comparison of numerical predictions against measurements of horizontal velocities in three 
axial locations, 508 m (left), 554 m (middle) and 629 m (right) away from the tunnel inlet portal (Test 502). 


analysis of the numerical errors observed in the 28 alternative model combinations, an “opti- 
mum” model combination has been determined; in Figure 2, it is evident that the “optimum” 
model combination generally results in increased prediction accuracy. The “optimum” model 
parameter combination comprised of the “LES” simulation mode, a non-uniform grid size of 
0.25 m (fine) and 0.50 m (coarse), a 0.032 CO mass yield and 0.062 soot yield, a 0.35 radiative 
fraction and an average wall roughness of 0.25 m. 


3 ASSESSMENT OF CRITICAL VENTILATION VELOCITY CORRELATIONS 


3.1 Numerical simulations 


In the previous section it was established that the FDS code is capable of yielding simulation 
results with adequate prediction accuracy, when compared to available experimental measure- 
ments obtained in full-scale road tunnel fire tests. Therefore, it was decided to employ the 
FDS code as a useful tool to perform “numerical experiments”, with the aim of providing 
detailed numerical results that would be then used to comparatively assess a range of available 
engineering correlations used to determine the critical ventilation velocity. Towards this end, 
the geometry of the Memorial tunnel was once more used; however, in this set of simulations, 
the longitudinal slope of the actual Memorial tunnel was not considered, aiming to identify 
the main characteristics of the developing thermal and flow fields, under the sole influence of 
the fire source and ventilation system. 

In this set of “numerical experiments”, longitudinal ventilation is accomplished by using 24 
reversible axial flow jet fans, evenly distributed, in groups of 3, along the entire length of the 
tunnel. Similar to the Memorial tunnel fire tests, each fan is equipped with a 56 kW motor, 
rated to deliver a maximum volume flow 43 m?/s at an exit velocity of 34.2 m/s. The fire 
source is assumed to be located at the centerline of the tunnel, at distance of 615.4 m from the 
north portal; a steady-state heat release rate is assumed in each simulation. 

The specification of the critical ventilation velocity is the main objective of this set of 
numerical tests. The key characteristics of each of the 12 cases examined in the parametric 
study, namely the fire size, the Jet Fans volume flow capacity as well as the resulting ventila- 
tion velocity right before the fire, are presented in Table 2. In addition, Table 2 also provides 
relevant information on whether back-layering is prevented or not. Initially, a series of three 
tests has been conducted without using the longitudinal ventilation system, with the aim of 
assessing the flow conditions within the tunnel under the sole influence of the ongoing fire, for 
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three distinct fire power levels (Cases I-III). At a later stage, the jet fans were implemented, 
aiming to determine the critical ventilation conditions for each fire power level. More specific- 
ally, different total jet fan volume flow levels have been tried (Cases IV-XII), aiming to deter- 
mine the critical value where the back-layering phenomenon was avoided, for each of the 
three fire power levels examined here. 

In the case of a 20 MW fire, a volume flow capacity of 23.4 m7/s was shown to be capable 
of managing smoke propagation, resulting in a critical longitudinal velocity of approximately 
2.74 m/s. For a fire of 50 MW, the required airflow to establish critical conditions is 28.33 m*/ 
s, introducing a longitudinal velocity of 3.08 m/s. Finally, for a fire of 100 MW, simulation 
results suggest that the critical ventilation velocity found for the 50 MW fire is adequate to 
control the adverse layer of smoke. This observation is in agreement with the experimental 
information that the critical ventilation velocity required to hinder back-layering, remains 
interchangeable when the HRR exceeds a certain value. Naturally, in order to create the same 
ventilation conditions, a larger volume flow rate must be delivered from the jet fans, in case of 
the 100 MW fire, compared to the 50 MW fire. 


Table 2. Overview of the main characteristics of the parametric study. 


Total Jet Fan Ventilation Velocity at | Back-layering 


Case Fite Power (MW) Airflow (m/s) 610 m (m/s) prevention 
Case I 20 0 -0.27 NO 
Case IT 50 0 -0.70 NO 
Case IT 100 0 -1.15 NO 
Case IV 20 20.35 227 NO 
Case V 20 22.53 2.62 NO 
Case VI 20 23.40 2.74 YES 
Case VII 50 25.84 2.69 NO 
Case VIII 50 27.69 2.98 NO 
Case IX 50 28.33 3.08 YES 
Case X 100 27.65 2.43 NO 
Case XI 100 29.56 27 NO 
Case XII 100 31.45 3.08 YES 


The effect of the fire power on the developing smoke layer inside the tunnel is depicted in 
Figure 3, where the soot distribution 600 s after fire initiation, for a naturally ventilated (no 
jet fan operation) fire of 20 MW and 100 MW, is compared. Increasing the fire power, results 
in a larger region occupied by the hot combustion products. The smoke layer at the upstream 
side extends nearly 250 m away from the fire source in Case I (20 MW) and 389 m in Case III 
(100 MW). Moreover, Figure 3 clearly illustrates that increasing the fire power results in an 
increased ratio of the tunnel’s cross-sectional area that is filled with smoke. In the 20 MW fire 
case, two distinctive layers of smoke (upper layer) and fresh air (lower layer) are established 
near the fire, while in the 100 MW fire case, the region close to the floor is filled with combus- 
tion products. 


Swe ee, 


Figure 3. Soot distribution inside the tunnel, 600 s after fire initiation for a fire of 20 MW (top, Case I) 
and 100 MW (bottom, Case III). 
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The ability of the critical ventilation velocity in preventing the emergence of the back- 
layering phenomenon is evident in Figure 4, where the soot distribution inside the tunnel is 
depicted, 900 s after fire initiation for a 100 MW fire. At low levels of ventilation velocity (e.g. 
Case X), the smoke layer is able to move upstream of the fire source. However, when the ven- 
tilation velocity is increased above the critical value (Case XII), the smoke layer remains con- 
fined only to the downstream side of the fire, thus facilitating evacuation procedures, through 
the upstream side. 


Figure 4. Snapshots of smoke propagation, 900 s after initiation of a 100 MW fire, under the influence 
of different jet fan volume flow capacities; Cases X (top), XI (middle) and XII (bottom). 


3.2 Evaluation of engineering correlations 


Aiming to comparatively assess the engineering correlations used to estimate the critical venti- 
lation velocity in a tunnel (c.f. Table 1), the obtained CFD results were employed. Table 3 
presents predictions of the critical ventilation velocity for three different fire power levels, 
using 9 engineering correlations available in the literature. These predictions are compared 
against the corresponding critical ventilation velocity values obtained by means of numerical 
simulations, using the FDS code (c.f. Table 2). The prediction error of each correlation is also 
reported in the last 3 columns of Table 3; a positive error sign “+” indicates that the engineer- 
ing correlation tends to over-predict the computed critical velocity value, whereas a negative 
error sign “-” signifies, accordingly, an under-prediction of the respective value. In general, 
predictions of the engineering correlations suggest that ventilation velocities in the range of 
1.99-3.85 m/s are sufficient to prevent back-layering for a 20 MW fire, whereas the respective 
values are 2.53-4.96 m/s for a 50 MW fire and 2.95-5.84 m/s for a 100 MW fire. 


Table 3. Comparison of engineering correlations’ predicted critical velocity values against FDS results. 
Critical Velocity (m/s) Prediction error (“%) 
20 MW 50 MW 100 MW + 20MW 50 MW 100 MW 


CFD 2.74 3.08 3.08 

Thomas (1968) 3.85 4.96 5.84 28.83 37.90 47.26 
Hinkley (1970) 2.85 4.02 5.53 3.86 23.38 44.30 
Danziger and Kennedy (1982) 2.24 2.80 3.20 -22.32 -10.00 3.75 
Oka and Atkinson (1995) 2.95 3.13 3.13 7.12 1.60 1.60 
Kennedy and Parsons (1996) 1.99 2.53 2.95 -37.69 -21.74 -4.41 
Wu and Bakar (2000) 2.76 3.65 3.65 0.72 15.62 15.62 
Li et al. (2010) 3.33 3.81 3.81 17.72 19.16 19.16 
Li and Ingason (2017) 3.31 3.81 3.81 17.22 19.16 19.16 
Tang et al. (2018) 3.27 3.83 3.83 16.21 19.58 19.58 


The correlations of Thomas (1968) and Hinkley (1970) seem to seriously over-predict 
the ventilation velocity requirements for fires above 50 MW. The rest of the investigated 
correlations result in errors of the same order of magnitude for all fire power levels. 
More specifically, the Danziger and Kennedy’s (1982) correlation yields quite low critical 
ventilation velocity values for both the 20 MW and 50 MW fires. On the contrary, in 
the case of the 100 MW fire, the calculated critical velocity is in good agreement with 
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the one estimated by the numerical simulations. The correlation of Oka and Atkinson 
(1995) performs very well, exhibiting single digit errors in all test cases considered; it 
slightly over-predicts the critical velocity of the 20 MW fire, while the resulting discrep- 
ancies in higher power levels are practically negligible. It should be mentioned that the 
correlation of Oka and Atkinson (1995) tends to provide results of high fidelity for the 
entire range of the investigated HRR values, due to the fact that it has been developed 
based on experimental data for fire sizes from 2 MW to 150 MW. The correlation of 
Kennedy and Parsons (1996) significantly under-predicts the critical velocity values deter- 
mined by the CFD simulations. This may be owed to the fact that the experimental data 
that provided the foundation for this correlation, are based on the effect of the convect- 
ive Heat Release Rate. The correlation of Wu and Bakar (2000) exhibits good agreement 
with the numerical predictions, especially in the case of the 20 MW fire, where the error 
is less than 1%. The fact that this correlation has been assessed against fires of 
a maximum power of 50 MW, via scaling laws, may explain the lack of consistency with 
the numerical results in the case of larger fires. Finally, the correlations of Li et al. 
(2010), Li and Ingason (2017) and Tang et al. (2018) provide very similar results, exhib- 
iting modest error levels. This is due to the fact that these three correlations have been 
originated and defined based on the same reasoning and for that reason their predictions 
are presented as a group. 

Overall, the correlation of Wu and Bakar (2000) was found to yield the best agreement with 
the numerical simulations in the case of the 20 MW fire, whereas the correlation of Oka and 
Atkinson (1995) exhibited the lowest errors in both the 50 MW and 100 MW fire power levels. 
However, it must be noted that these values have been derived for “ideal” tunnel ventilation 
conditions. In practice, uncertainties regarding the incident conditions would require a more 
conservative approach and therefore, for cases where the prevention of the adverse smoke 
layer is imperative, a slightly higher (conservative) value of the predicted critical ventilation 
velocity should always be utilized. 


4 CONCLUDING REMARKS 


Road tunnels are indispensable pillars of any modern road transportation network. The 
occurrence of a fire incident, however, is a particularly severe event, and it demands the devel- 
opment of strict fire safety requirements to guarantee the optimal level of protection. The 
employment of a ventilation system is a reliable strategy, constituting the most common 
approach of addressing a fire emergency inside road tunnels. The selection of the appropriate 
ventilation system, however, is highly associated with the tunnel’s length, utilization and traf- 
fic flow. 

CFD modeling, in general, offers valuable insights for complex fire scenarios in tunnel 
structures while allowing extensive parametric studies. In this context, the FDS code was 
validated against available experimental data obtained in a full-scale road tunnel, both 
for natural and mechanical ventilation conditions. Then, the FDS code was used as 
a tool to perform “numerical simulations”, aiming to determine the critical ventilation 
velocity of a typical road tunnel, at three different power levels. The obtained numerical 
results were used to comparatively assess and evaluate 9 different engineering correl- 
ations, used to determine the critical ventilation velocity in tunnels. The majority of the 
investigated correlations performed adequately well, erring on the “conservative” side; 
however, two correlations repeatedly under-predicted the numerically estimated critical 
velocity. The results of this study are applicable to unidirectional tunnels where 
a longitudinal ventilation system is employed to address the hazardous effects of fires in 
the range of 20 MW to 100 MW nominal heat release rate. However, it should be noted 
that estimation of a specific tunnel’s critical ventilation velocity is directly dependent on 
the tunnel cross section and therefore the reported numerical findings are strictly valid 
for the investigated tunnel structure. 
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ABSTRACT: Although the frequency of fire accidents in tunnels or metro stations is low, in 
worst cases they may lead to severe fatalities and damages. During a fire incident an underground 
space, smoke is the main source of danger for the occupants. In order to have a more accurate 
prediction of fire impacts, most safety standards enforced worldwide suggest the development of 
special risk analyses. However, there is no specific guidance regarding the selection of fire size, fire 
duration or burning materials. These parameters affect the thermal and smoke propagation 
within the underground space and therefore the available safe egress time. In this paper several 
rail-fire cases are selected, based mainly on information gained through real-scale experiments and 
a fire dynamic analysis is conducted for different geometries of metro tunnels. The available safe 
egress time for every case is determined through the fractional effective dose (FED) that occupants 
might receive in a period of time, which is a measure of incapacitation because of toxicity. Based 
on the above, detailed data on the environment created for each fire case in a given tunnel geom- 
etry are presented. These data can provide an indication for the risk that each case may produce 
for the occupants and they could be used as a first guidance for an engineer, before the conduction 
of the risk analysis. Furthermore, conclusions about the influence of the key parameter’s evolution 
on the tenability conditions inside the tunnel can be drawn. 


1 INTRODUCTION 


In fire safety engineering terms it is necessary to ensure that available safe escape time (ASET) 
is greater than required safe escape time (RSET) by an acceptable margin of safety. Therefore 
in order for an engineer to asses life safety, the various scenarios and their consequences in 
terms of ASET should be defined. 

The FED (Fractional effective dose)endpoints can be used for a determination of acceptable 
ASET endpoints for a variety of possible fire scenarios. FED models are used to calculate 
time and dose to incapacitation and lethality for human exposures to fire effluents and may be 
used for fire engineering design. It is possible to perform generic ASET calculations for the 
conditions inside any specified enclosure. 

FED constitutes the dose of toxic products of the fire that occupants receive in a period of 
time, which leads to incapacitation and death (Purser, SFPE), as estimated by the following 
Equation (1). Therefore, FED demonstrates the effect of fire and smoke to occupants and can 
be used as an indicator for the evolutions of the conditions inside the tunnel. 


FED dose received in time t (Ct) 


(1) 


~ dose Ct for incapacitation or death 
In order to calculate FED and estimate ASET, the representative fire scenarios in under- 


ground rail systems must be chosen and analysed. Usually, in deterministic analyses, the input 
values are chosen to represent the worst credible cases, but this might result in very conservative 
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values (Staffansson, 2010). Test data in real scale that achieved in European projects such as 
EUREKA 1995 and FIRESTARR 2001 (Thematic Network-FIT, 2005), as well as design fires 
for metro systems must be evaluated in order to select the most representative scenarios. 

Computer fluid dynamics (CFD) simulations have been used to study fire and smoke 
propagation as well as tenability conditions. In large areas such tunnels, underground parking 
areas and storages, the implementation of real scale fire experiments is a time and cost con- 
suming process. Therefore, the use of CFD simulations is used in most cases, and when per- 
formed properly they provide reliable results (Deckers et al., 2013). 

In this paper a parametric analysis is carried out, in order to identify the parameters that 
affect the environmental conditions inside a rail tunnel. Their effect on CO concentration and 
mainly on fractional effective dose (FED) is examined. Effects on visibility and temperature 
are also prsented. The calculations will be conducted by using Fire Dynamic Simulation 
(FDS) modelling. FDS is a fire simulator which was developed by the National Institute of 
Standards and Technology (NIST). 


2 TRAIN FIRE CURVE CHARACTERISTICS 


2.1 Fire curves - General outline 
According to literature references three are the main reasons of fire ignition in a train. 


e Mechanical or electrical equipment failure 
* Human failure (accident) 
e Arson (Deliberate action) 


In fact, the fires that create the most difficult and dangerous conditions are those of full 
growth. Figure | shows 10 different fire curves for metro and railway carriages. The maximum 
HRR ranges between 5 and 77 MW in metro carriages and it’s achieved from 5 to 118 min- 
utes. The lining material of the roof and walls plays an important role on maximum HRR 
achieved (Li, Ingason 2018). 
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Figure 1. HRR fire curve for passenger train (Li, Ingason 2018). 

The tests were carried out on one carriage. If more than one carriage had been involved, the 
rates of heat propagation would have been greater (Ingason, 2006). In a fire analysis, the rate 
of fire growth (a) also matters. Table 1 gives growth rate values for train and metro carriage. 
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Table 1. EUREKA full-scale test HRRmax and fire growth rate for train and 
metro carriage (Ingason, 2009). 


HRR a time to reach HRR max (min) 
Train* 15 0.01 20.41 
METRO** 35 0.3 5.69 


* steel body 
** aluminium construction 


Fiber reinforced plastic (FRP) and Polyurethane are materials frequently used in train body, 
construction of passenger seats etc. in the United States and also in Europe (U.S. Department of 
Homeland Security 2010, Peacock et al. 2004, Lee et al. 2013, White 2005). Table 2 gives the stoi- 
chiometric yields of these main materials that correspond to normal ventilation conditions. 


Table 2. Tenability criteria for carbon monoxide exposure. 


Material CO yield Soot yield 
Polyurethane (flexible) foams GM27 0.042 0.198 
FRP Polyester 0.0705 0.062 
Glass Reinforced Plastic Material 0.058 0.096 
Butadiene 0.048 0.125 


2.2 Scenarios used for the parametric analysis 


In the current study, the influence of fire heat propagation rate and the dimensions of the 
tunnel are mainly considered. The values of width and height analyzed are based on standard 
subway tunnel cross-sections. 

In summary, the following parameters are considered and analyzed: 


¢ Tunnel section dimenstions (width and height) 
e Maximum fire heat release rate (HHR max) 

e Time to reach max HRR (fire growth rate-a) 

e Fire decay phase 

e Combustible material 

e Flamabble area 


As this computational analysis is time-consuming, a short tunnel of 300 m lenght was 
chosen since this area is significantly affected by the fire, the fire fades out in 720 sec and the 
simulation time is 1800 sec (30 min). 

Therefore, the results of these scenarios are not intended to be considered as absolute 
values, but they can be used in order to estimate the influence of each examined factor. They 
also provide an indication of the arised risk in each scenario and can be taken into account 


Table 3. Selected scenarios with regard to width and 
height of tunnel for 10-15-20 MW fire. 


HRR 10-15 MW 


Tunnel width Tunnel height 


CODNRDAADRHAAA 
ONHRODRODA 
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during design. The main scenarios are presented in Table 3. The scenarios analyzing the effect 
of other important factors are presented in Table 4. 


Table 4. Scenarios with regard to fire growth rate, combustible material, fire decay and burning area. 


Tunnel Section Observations HRRmax (MW) 
4x4 Time to reach max HRR 250 sec Propagation Rate 0.16 10 
4x4 Combustible material Polyurethane GM27 10 
4x8 Decay time 30 min 15 
4x4 Combustible material area 20 m? 20 


Figure 2 shows the fire curve used. The chosen predominant combustible material is fiber 
reinforced plastic (FRP) Polyester, the combustible surface is set to 10 m° and HRRynax is 
reached within 180 sec. 


25 HRR-Time 
—O=5 MW 
an —— Q=10 MW 
= 15 Q=15 MW 
= 
——=O=70 
f& 10 OBO MN 
= 
5 
0 
0 200 _ 400 600 800 
Time (sec) 


Figure 2. Selected fire curves (Gao et.al. 2012). 


To extract the analysis results, devices and slices are placed in the FDS software at appro- 
priate points at height 1.8m and the following quantities are measured: 


Fractional Effective Dose (FED) 
e Visibility (m) 
Temperature (C°) 


3 TENABILITY CRITERIA 


As mentioned, the available ASET time is estimated through the fractional effective dose 
(FED), for the toxic products of fire. The FED of toxicity is calculated via Equation 2, which 
is based on the SFPE equations (Pathfinder Tech. Ref.). 


FEDjot= FEDco x VCO,+FEDo2 (2) 


Conditions become unsustainable when this value equals unity, which means that the con- 
centration over a period of time equals the dose which makes the individual unable for self- 
rescue. Table 5 shows the dose recommended by the regulations for carbon monoxide. 

SFPE suggests to set FED threshold values which would not allow the occupant to confront 
critical conditions during evacuation, considering a suitable value of 0.3, according to NFPA 
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Table 5. Tenability criteria for carbon monoxide exposure. 


Incapacitation limit Death limit 
Time (min) 5 30 
NFPA 130 CO (ppm) 1138-1896* 455-758* 
Time (min) 6 15 5 30 
SFPE CO (ppm) 6000-8000 1400-1700 12000-16000 2500-4000 


* The values correspond to FED 0.3 and 0.5 respectively 


130 and ISO/TS 13571:2012(E), in which the 11.4% of the population located in a space is 
affected (Ingason, 2015). In the current study three FEDtoxicity limits are taken into account, 
according to the above: 


e 0.3: below this value the conditions are considered acceptable for the entire population 

e 0.5: below this value the conditions are considered acceptable for the healthy population only 

e 1.0: below this value it is considered that a part of the healthy population is significantly 
affected by the conditions, while above this a significant part of the population becomes 
unable to continue the evacuation 


According to the above, the following toxicity danger levels are created, based on the pre- 
mentioned FED values which indicate the evolutions of the conditions inside the tunnel 
(Table 6). Four levels of danger are created, varied from desired level of danger, which means 
that the dose of toxicity products that the occupants receive in a period of time is too small to 
cause problems to the population during evacuation to the “not accepted” danger lever, where 
all occupants receive a dose of toxicity which constitutes them unable to perform evacuation 
by themselves. 


Table 6. Toxicity danger levels. 


FED limits Danger level 
<0.3 
0.3-0.5 
0.5-1.0 
>1.0 
FED-Time 
1.0 
0.9 4x4 
0.8 4x6 
0.7 4x8 
Kag 6x4 
Pg 6x6 
0.4 
—— 6x8 
0.3 
0.2 — 8x4 
0.1 —— 8x6 
0.0 — 8x8 
0 200 400 600 800 1000 1200 1400 1600 1800 
Time (sec) 


Figure 3. FED for different tunnel geometries for a 10 MW fire. 
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4 SIMULATION RESULTS 


In the following figures results regarding FED for fires 10 and 15 MW are presented. Figures 3 
and 4 present FED values for different tunnel geometries, for a specific HRR and Figures 5 to 
8 present the results for material used, fire growth rate, fire burning area and fire decay time 
respectively. 


FED-Time 
1.6 
14 — 4x4 
— 4x6 
i A | 
4x8 
1.0 
A — 6x4 
Eag — 6x6 
0.6 — 6x8 
0.4 —— 8x4 
0.2 8x6 
0.0 —— 8x8 
0 200 400 600 800 1000 1200 1400 1600 1800 
Time (sec) 
Figure 4. FED for different tunnel geometries for a 15 MW fire. 
FED-Time FED-Time 
10 1.0 
0.8 0.8 
0.6 
a 06 g 
uJ u 
= 04 va 
0.2 0.2 
0.0 0.0 
0 300 600 900 1200 1500 1800 0 300 600 900 1200 1500 1800 
Time (sec) Time (sec) 
4x4 FRP 4x4 Polyur. 4x4-180 sec-0,31 4x4-250 sec-0,16 


Figure 5. FED for the two dominant train mater- Figure 6. FED for two different fire growth rates 
ials for a 10 MW fire. for a 10 MW fire. 


The analyzed geometries for 10 and 15 MW HRR max, are categorized into the risk levels of 
table six, based on the FED values produced by the analysis (Figures 3 & 4), which are pre- 
sented in Table 7. 


3247 


FED-Time FED-Time 
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Figure 7. FED for two different sizes of burning Figure 8. FED for two different decay time 
area for a 20 MW fire. periods of a 15 MW fire. 


Table 7. Toxicity risk levels. 
HRR Width Height FED Risk level 


0.05 
0.15 
0.06 
0.28 
0.12 
0.05 
0.14 
0.24 
0.1 

0.16 
0.03 
0.42 
0.45 
0.87 
0.57 
0.59 
1.43 


10 MW 


15 MW 


10 MW 


BRADDPWHKLEDAANDSLWOWDAAAA HL 
BRHRBRPEDADDAWDADAHOD © 


15 MW 


5 CONCLUSIONS - DISCUSSION 


Concerning the analysis for different tunnel geometries, the main outcome is that tunnel 
height plays an important role on toxicity conditions especially for higher maximum HRR 
value. More specifically for the same section area (eg. 4x6 and 6x4), toxicity conditions are 
worse (FED is 37% higher) for the section with the lower height. From Table 7, it can be said 
that when the tunnel height falls below 6 meters, conditions deteriorate significantly, even 
when the width is 8 meters. Therefore in order to maintain safe conditions for the passengers 
during an event inside a tunnel, it would be a good practice to design the tunnel with 
a minimum height of six meters. 

Concerning the analysis of fire design parameters, it seems that the burning material, the fire 
growth rate and fire decay period have a considerable impact on FED and they can affect the 
final results concerning the toxicity level. Therefore, the engineer should take into account all 
these parameters, in order to select a representative fire, during a risk analysis concerning evacu- 
ation design. 
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ABSTRACT: Tunnels are an increasingly significant part of our built infrastructure. Simultan- 
eously, they are subject to a diversity of inherent uncertainties associated with the geotechnical, 
hydro-geological, and physical environment surrounding them. The associated risks can materialize 
on many occasions, leading to disasters with substantially high reinstatement costs, incurred delays, 
and damage to adjacent third-party assets and the environment. Such disasters can occur due to 
extreme natural events and unforeseen and unforeseeable ground conditions or accidents. but also, 
human-driven issues, such as substandard design, poor project management, aggressive project time- 
lines leading to safety shortcuts, compressed budgets and application of innovative techniques not 
yet fully tested and validated, are some factors contributing to an increased probability of risk 
materialization and disastrous events. This paper aims to provide a statistical interpretation of 
tunnel project characteristics and their influence on technical risks based on a database with approxi- 
mately 400 tunnel failure cases. A further goal of the study is to support decision-makers in the risk 
management process, such as owners, engineers, and insurers by improving their understanding of 
project sensitivities. The results indicate the significance of technical characteristics (such as tunnel 
dimensions, construction type, and ground formations). Still, they also reveal some dependence 
between lower project risks and the application of current project and risk management practices. 


1 INTRODUCTION 


During the last century, the world population increase has contributed to underground 
space development. Underground space is considered to be a major asset in today’s infra- 
structure (Paraskevopoulou et al. 2019). Just in the last decade, an annual increase of 5-7% 
in the tunnelling and underground industry has been observed with Asia and more specific- 
ally, China leading this increase. However, uncertainty is a significant concern in tunnelling. 
The variability and complexity of the geological medium and in-situ conditions can exacer- 
bate the design leading to construction failures and const overruns (Benardos et al. 2013; 
Paraskevopoulou & Benardos, 2012; 2013; Paraskevopoulou and Boutsis, 2020). Conse- 
quently, the optimisation design of underground structures is desired to primarily secure the 
working personnel’s safety and avoid cost overruns and project delivery delays while ultim- 
ately targeting sustainability and resilience. This work discusses tunnel failures analysing the 
leading factors by presenting statistical interpretation indicating the driving parameters. The 
ultimate goal of this presented work is to assist the decision maker and shareholders 
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(owners, engineers and insurers) in the risk management process in tunnelling to improve 
the potential losses, better estimate the length of project delays and cost overruns. 


2 BACKGROUND 


2.1 Uncertainty in tunnelling 


In tunnelling, common practice to assess risks is developing case-specific Geotechnical 
Baseline Reports (GBRs). There, however, fail to give information about the geological 
problem and instead provide information on allocating risks between the parties involved, 
commonly between the owner and the contractor). More specifically, the anticipated geo- 
logical model in the report falls into the contractor’s financial responsibility. Anything 
else that automatically exceeds or is not mentioned in the baseline statements is the 
owner’s responsibility (Yau et al. 2019; Yau et al. 2020), leaving many grey areas hanging. 
The latter implies the need for a sound Geological Investigation (GI) at the preliminary 
stages of the design to develop an understanding of the most probable geological scenario. 
Carter (1992) showed that the risk of unforeseen problem(s) can be reduced with an 
expenditure increase in the geological investigation. Venturini et al. (2019) developed this 
further by showing the various optimum scenarios based on the geological complexity and 
the GI campaign. Paraskevopoulou and Boutsis (2020) investigated the GI expenditure 
increase and its contribution to the total cost of tunnelling projects. They highlight that 
uncertainty cannot be eliminated by reduction, showing which of the three levels of uncer- 
tainty can be improved in a tunnelling scenario shown in Figure 1. Finally, Paraskevopou- 
lou et al. 2021 showed how geological and geotechnical uncertainty could be captured and 
reduced from the initial design stage using a tunnel case study of a twin tunnel excavated 
in the heterogeneous molassic environment in Northern Greece. 

It is implied from the above then that the biggest hurdle to overcome is to reduce the level 
of uncertainty you need to have a) a comprehensive understanding of the geological model 
(geological/depositional history, tectonics, geodynamics etc) and; b) a thorough understanding 
of the geotechnical model (quality of direct investigation, quality of geophysics etc). 


L 


2 


Uncertainty Level 


High 


Figure 1. Design uncertainty levels associated with a tunnelling scenario (presented in Paraskevopoulou 
and Boutsis, 2020; modified from Langford 2013). Original quotes are from former US Secretary of 
Defence Donald H. Rumsfeld. 


2.2 Failures and collapses in tunnelling 


It is evident these days that 40% of tunnel collapses are attributed to design and construction 
errors (Reiner, 2011) whereas 20% of all failures result in accidents (Proske et al. 2019). Spyridis 
and Proske (2021) concluded that the collapse frequency in real tunnel construction projects can 
be explained based on specific boundary parameters with reasonable scatter. They continue that 
failure probabilities for tunnels under construction and operation appear to be governed by many 
non-structural parameters. As such, tailored target values can apply to different structures and 
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life-cycle phases. Furthermore, the differences between individual probabilistic computa- 
tions and the deviation between observation and computation may indicate either the 
requirement or the application of hidden safety in the current computations. Heller 
(2002) suggests tunnel failures have different severity impacts, which depends mainly on 
the geological medium, excavation and support methods adopted. Sousa (2010) analyses 
234 cases of major tunnel incidents concluding that 48% of the reported failures were 
recorded in NATM (observational construction method), 30% in Mechanised tunneling 
and 15% in Drill and Blast. Spyridis and Prsoke (2021) enriched the dataset of Proske 
et al. (2019) that was initially based on Konstantis et al. (2016) analysing 321 cases and 
concluded that 58% of the reported tunnel failures are attributed to NATM construction 
methods, 25% to TBM, 12% to Drill & Blast and the 5% to Cut & Cover and other 
construction methods. Sousa and Einstein (2021) showed that 56% of the analysed acci- 
dents using Sousa’s (2010) database occurred near the tunnel face and less behind the 
face in the excavated tunnel. Recently Paraskevopoulou et al. 2022 also showed that the 
48% of the failures are attributed to the observational method (NATM), 34% to mech- 
anized tunnelling ang 14% to Drill and Blast only 4% to Cut & Cover based on the 
analysed dataset. It can be easily concluded that all these studies agree that most tunnel 
failures occur when tunnelling with NATM. 


2.3 Risk assessment in tunnelling and cost overruns 


The tipping point for introducing and applying risk management in the UK tunnelling 
steamed from the Heathrow Express Tunnel Collapse back in 1994 when the Health & Safety 
Executive (HSE) reported “the worst civil engineering disaster in the UK in the last quarter 
century”. The collapse’s recovery took nearly two years and cost around £150M, accounting 
for nearly three times the cost of the original contract. It was not until 2003, though, that the 
Code of practice was established. The final version was published in 2006 by the International 
Tunnelling Insurance Group (ITIG) and revised years later in 2012. The Code of Practice 
aims to provide guidelines on best practices to minimise risks in tunnelling by first assessing it, 
recording it and ultimately proposing mitigation measures. These activities take place in the 
risk register a live document/platform that required constant updating during the project’s 
progress. 

Poor design practices can lead to failures when risk assessment in tunnelling is not adopted. 
Dunn (2012) suggested that these failures can have a range of severity levels from accidents that 
can harm personnel and/or equipment, consequently triggering project delivery delays and, thus 
cost overruns. Paraskevopoulou and Boutsis (2020) showed that cost overruns can seldom be 
avoided. Paraskevopoulou and Benardos (2013) proposed a tool that assists in cost estimation 
of road tunnels based on the quality of the geological medium and can be used by practitioners 
to preliminary the tunnel cost. Konstantis et al. 2016 proposed a linear relationship that relates 
the insurance cost and the corresponding delay of the project, analysing the frequency distribu- 
tion of 27 cases due to the limitation of data available; one can imagine why. 


3 THE DATABASE 


The initial database in the presented work was provided by Spyridis and Proske (2021), and it 
was further developed by Paraskevopoulou et al. (2022). The database includes a list of the 
tunnel incidents (failures) during both construction and operation. The main factors analysed 
are: failure type, report causes, length of the tunnel, the diameter of the tunnel, overburden, 
excavation (tunnelling) method, excavated medium: rock, soil or both, fatalities, losses and the 
source of information (Figure 2). 

The initial database was enriched by adding seven more factors: tunnel type, geological 
information, stress conditions, water conditions, portal failure, third-party impact and delays 
shown in Figure 2. 
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Figure 2. Main parameters selected during the development and generation of the database. 


4 STATISTICAL INTERPRETATION & SELECTIVE RESULTS 


Based on the dataset, statistical interpretation is performed in order to identify key relation- 
ships and trends to assist in developing a further understanding about the tunnel failures 
examined. The dataset is examined in terms of tunnel types, tunnel dimensions, construction 
type, and ground formations, the impact of code practice, failures during operation etc. 


4.1 Failures during construction 


From the analysis it is shown that the tunnel type does not have a significant impact on the 
failure type as shown in Figure 3a. However, the tunnelling/construction method does have an 
impact. As previously mentioned, NATM and TBM tunnels govern the failure types. This 
implies that the geological medium can impact primarily the likelihood of failure (Figure 3b). 
Drill & Blast tunnels usually preferred in good quality geological medium (hard rocks) have 
reported less failures than the other two. 


Tunnel Types Tunnelling (excavation) Method 


13% o 
o 33% 4% 
14%, 
48% 


27% 34% 


@ Road @ Metro 
BNATM OTBM 


a. BRail BHydro b. @D&B oc&c 


Figure 3. Distribution of a. tunnel types; and, b. distribution of tunnelling (excavation) methods, exam- 
ined in this database; all tunnels examined have reported failures during construction (presented in Para- 
skevopoulou et al. 2022). 


The geological medium a tunnel excavated can be simply described as rock or soil. It is 
expected that excavation and support can hinder challenges in soil-like materials, and the 
common practice is more standardised. This grouping showed that 64% of the failures are 
observed during rock construction compared to 36% in soil. However, this separation between 
soil and rocks does not assist in further understanding the failure likelihood. For this reason, 
further categorisation is performed. 
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Figure 4 highlights the wide range of ground materials that failed during construction. It is 
shown that 56% of the observed failures are in sedimentary rocks (i.e. sandstone, shale, marl- 
stone, limestone, chalk), whereas the remaining varies from granite to coal and other volcanic. 
It should also be added that in this categorisation NATM’s failures occurred 44% more in 
rock than in soil, while TBM’s failures occurred 8% more in soil than in rock. 
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Figure 4. Rock materials in which failures have been reported during tunnel construction (presented in 


Paraskevopoulou et al. 2022). 


From the analysis it was shown the tunnel length does not impact significantly during con- 
struction. It is worth mentioning that 45% of NATM failures took place in tunnels less than 
3 km. The tunnel diameter however does affect the likelihood of failure as it is rational to be 
inferred given the increase of the tunnel face exposure and around 30% of the reported failures 
have occurred in diameters between 10-13 m corresponding to NATM practices. (Figure 5a) 
while in TBM tunnel failures are reported in tunnel diameter less than 10 m. The overburden 
(Figure 5b) shows that in 15-30 m overburden failures are reported more in tunnel excavated in 
soils whereas in more then 30 m the failures are related to tunnel excavated within rock, which 
can be easily justified as usually with depth the transition between soil and rock takes place. 
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Figure 5. Number of reported tunnel failures per: a. excavation (tunnelling) method; and b. overburden 


thickness grouped based on for soil and rock medium (presented in Paraskevopoulou et al. 2022). 


4.2 Failures during operation 

Tunnel failures, however, do not occur only during construction. From the database analysed 
it is shown that various external factors and discrete hazards have a significant impact on the 
number of incidents. Fires and earthquakes account for the 82% of the failures during oper- 
ation as shown in Figure 6a whereas the failures due to design errors are only 18%. The 
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severity of these failures is also a major parameter to consider as some of them can lead to 
fatalities. Figure 6b show that the 90% of failures due to fire causes lead to fatalities. 


Failure types during operation Fatal ae during operation 
3% 3% 
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Figure 6. During tunnel operation: a. failure types; and, b. fatal incidents, where: FIR (fire), OSF (sup- 
port overstressing), FIT (Fit-Out Works), ERQ (earthquake), CRW (crown) and OTH (other type) (pre- 
sented in Paraskevopoulou et al. 2022). 


4.3 Code of practice 


The dataset was categorised into two groups before and after 2006, the year when the Code of 


Practice was published. Figure 7a illustrates the impact of the code’s establishment and 
implementation. 
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Figure 7. a. Number of reported tunnel failures per five-year period showing the impact of code of prac- 
tice; b. Failure types before and after the code; and, c. Tunneling method before and after the code, 
where: FAC (face instability), OSF (support overstressing), FIR (fire), ERQ (earthquake), CRW 
(crown), OTH (other type) (presented in Paraskevopoulou et al. 2022). 


It is evident that there is a decrease of reported failures; however, what is important to state is 
that the main failure types of the reported incidences remain the same and are attributed to face 
instabilities and support overstressing covering up to 91% and 96% before and after the code, 
respectively shown in Figure 7b. There is not a direct impact about the failures based on the tun- 
nelling/construction method as shown in Figure 7c. 
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5 A LOOK-AHEAD: YESTERDAY’S UNKNOWNS - TODAY’S RISKS 


The global situation at the inception of this paper can nothing but confirm that risk management 
is and needs to be a live process, whilst several unforeseen or unforeseeable situations (unknown — 
if not neglected — unknowns per Figure 1) materialise to a tremendous extend. It is evident that 
a risk identification procedure must closely observe international incidents, absorb experiences 
from the tunnelling community, and remain constantly resilient to manage unexpected events. 

Characteristic examples in the last few years include the significant disruptions in the supply 
chain, steep increases in steel and energy prices, the lack of skilled personnel, the rapid shift of 
most industry sectors to digitalisation. These are certainly intensified by the outbreak of the 
Covid19 pandemic (Ayat & Kang, 2021) and the war in Ukraine, but also from events of less 
importance, such as e.g. the “Ever Given” container ship 2021 accident (Lee & Wong, 2021). 
These call for immediate adjustments in the organisation and management of projects at various 
life-cycle stages, from planning to delivery; technical changes and associated risks are then to be 
considered, related to e.g. material specifications and consistent material quality, latent structural 
defects, occupational safety, switch to new technologies such as electrical equipment and automa- 
tized construction methods. 

It is also important to register and understand the risks that are potentially related to cli- 
mate change. This mainly refers to technical risks from extreme weather, surface and ground- 
water fluctuations, and unidentified geological degradation due to water/ice cycles and 
permafrost melting. These can impact on both the surface (site/portals) and the underground 
space conditions (Mishra & Sadhu, 2022; Palin et al. 2021; Epting et al. 2021). Geotechnical 
designs, toolbox excavation support, and risk mitigation measures must account for more 
onerous geotechnical parameters, water tables and extreme natural events to ensure an equiva- 
lent risk profile compared to previous years. 

Finally, rapid technological advancements are de facto developed to improve construction 
conditions and reduce project risks, but their innovative character may also induce implemen- 
tation and integration risks. The global industries’ effort to reduce the climate impacts of con- 
struction (e.g .reduction of greenhouse gas emissions) must also be accounted for here. 
Examples include digital planning (e.g. BIM) and integrated sensors, robotic applications, and 
new types of energisation of equipment such as batteries and hydrogen. These also induce new 
types of risks and require a devoted mitigation design. 


6 CONCLUDING REMARKS 


Uncertainty is an integral part in tunnel design. Even in the favourable cases of sound geological 
models, there is always going to be a level of uncertainty which cannot be eliminated, the 
residual uncertainty which will impact the tunnel performance during construction — excavation 
period. Having more insights on the likelihood of failure modes and types based on the histor- 
ical event undoubtedly has value in tunnelling industry. Developing such databases can contrib- 
ute to developing a further understanding of tunnelling incidents. During operation, the main 
factors of such incidents are earthquakes and fires. However, during construction NATM tun- 
nels reported more failures than TBM tunnels, whereas, in Drill & Blast tunnels, less failures 
take place. Finally, the Code of Practice for Risk Management in Tunnel Works has had a clear 
positive impact on the annual tunnel incidents and failures during construction. This has been 
achieved by improving the transparency on risk transfer throughout the project with a live risk 
register. However, recent years have disclosed new types of risks that previously belonged to the 
sphere of the unforeseen or the unknown. Expansion of state-of-the-art risk management con- 
cepts can certainly form the basis for dealing with such risks at the structural level of a project 
or an organisation. Still, at the same time, an awakening monitoring of global situations and 
open communication amongst the international technology and engineering community is 
necessary to identify such risks and plan mitigation methods accordingly. 
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ABSTRACT: The high-level nuclear waste (HLW) repository is exposed to a number of 
stresses, including high temperatures, high humidity, and radiation. These stresses cause the 
structure to deteriorate and create cracks. Therefore, structural health monitoring with moni- 
toring sensors is required for safety. However, sensors could also fail due to the stresses. 
Given that the sensors are installed in the bentonite buffer and the backfill tunnel, it is impos- 
sible to replace them if they fail. That’s why it is necessary to assess the sensors’ durability 
under the repository’s environmental conditions before installing them. And an accelerated 
life test can be used for this purpose. In this regard, an accelerated life test can be used. Before 
conducting the test, the proper stress level must be designed first to get reliable data in a short 
time. In this study, a methodology for designing stress levels is described. 


1 INTRODUCTION 


High-level nuclear waste has adverse effects on humans. In addition, because HLW has a very 
long half-life, it must be disposed of until the level is low for safety. The Deep Geological Dis- 
posal System is being discussed as a method for disposing of HLW, and the HLW repository 
represents this system. This repository is a 500-1000-meter-deep underground structure con- 
sisting of a canister, buffer, disposal tunnel, and surrounding rock as shown in Figure 1. After 
the canister containing HLW has been inserted into the vertical hole, bentonite blocks are 
used to fill the space. And the backfill tunnel prevents HLW from escaping by blocking the 
vertical hole. 

Radiation and heat are emitted by disposed HLW, and groundwater seeps into the benton- 
ite through the surrounding bedrock. Due to these extreme environmental conditions, such as 
high temperature, high humidity, and radiation, there might be deterioration and cracks in the 
structure over time. Structural health monitoring using monitoring sensors is needed to pre- 
dict this behavior. However, environmental conditions can even cause sensor failure. In add- 
ition, once the sensor has been installed within the backfill tunnel and bentonite buffer, it 
cannot be removed or replaced. Therefore, it is required to install a sensor that can endure the 
environmental conditions of the HLW repository for a sufficient time. 

The accelerated life test assesses a target’s life under specified environmental conditions by 
constructing a life model based on short lives at harsh stresses. There are two considerations 
for the accelerated life test First, stress levels should not be too harsh. The failure mode under 
harsh stress levels should be identical to the failure mode under specific environmental 
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Figure 1. Concept of HLW repository (Yoon et al., 2020). 


conditions. If the failure mode is different, the life model obtained from the test may be 
deemed unreliable. Second, stress levels should not be too low. If stress levels are too low, the 
test duration could be too extended. They undermine the objective of the accelerated life test’s 
“fast and reliable life assessment” Therefore, for the accelerated life test, it is crucial to prop- 
erly design stress levels. 

This study describes the methodology for designing stress levels to perform the accelerated 
life test under the temperature condition 


2 EXPERIMETAL STUDY 


For the accelerated life test, it is important to design stress levels properly. If the stress level is 
too high, the failure mode may differ, and if it is too low, the experiment would take longer. 
Therefore, it is vital to first know the sensor’s failure mode before conducting the test. And 
experiments were conducted to determine the operating limit, which is the stress level at which 
different failure mode is represented. 


2.1 Failure modes of accelerometers 


The experiment utilized an accelerometer, PCB 603C01. Accelerometers are piezoelectric sen- 
sors. The failure modes of piezo sensors analyzed by Lim using FMEA are shown in Table 1. 
The deformation of the piezo film is the predominant failure mechanism under temperature 
conditions. When the piezo film deforms, the amount of generated electric charge changes, 
resulting in a failure mode in which the sensitivity changes. 


2.2 Experimental setup 


The sensor specifications recommend a usual operating temperature of 120°C. Consequently, 
it was anticipated that normal operation could be carried out up to 120°C. Therefore, the 
experiment begins at 130°C and gradually increases by 10°C until the operating limit is repre- 
sented. However, if an experiment is conducted using the same sensor at all temperatures, 
fatigue accumulation may cause errors. If, on the other hand, an experiment is conducted 
using a unique sensor for each temperature, errors may occur due to the different physical 
properties of each sensor. 

The experiment is separated into two cases. First, identical sensors are tested at all temper- 
atures to exclude inaccuracies resulting from the different physical properties of each sensor. 
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Table 1. FMEA of a piezo sensor (Data from Lim et al., 2015). 


Failure OCC Failure SEV Failure DET RPN Detection 
Function Mechanism t Effects ** causes xik EEE method 
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3 Poor signal Temperatüre 
BH Breakage 3 3 humidity 2 18 
go 
aX 
Ho 


* OCC: Occurrence probability of a failure mode represented as a value between | to 10 
** SEV: Severity of a failure represented as a value between | to 10 

*** DET: Detection probability of a failure mode represented as a value between 1 to 10 
**** RPN: OCC x SEV x DET, Risk Priority Number 
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Figure 2. Flow charts of experiments; (a) experiment considering physical differences between sensors 
(b) experiment considering fatigue accumulation. 


Second, each sensor is only tested at a single temperature to eliminate inaccuracies caused by 
an accumulation of fatigue. The detailed flow chart is shown in Figure 2 above. 

The signal is obtained by giving impact to granite with a steel ball hanging on a string. Sev- 
eral conditions were applied to evaluate the change in sensitivity. First, the signal was ampli- 
fied tenfold using the signal conditioner so that it could be distinguished clearly. Second, 
a low pass filter of 1OKHz was used by using a signal filter referring to the frequency band 
suggested in the sensor specification. Third, the sensitivity for each sensor was normalized to 
100 mV/g using post-processing in MATLAB by referring to the sensor specification. 


2.3 Experiment result 


Sensor A and B are used for this experiment. And the data is shown by the following Figure 3. 
As the figure shows, no signal is received at 180°C. It implies that the failure mechanism is the 
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destruction of the piezo film and the failure mode is the absence of a signal. It means that 180°C 
can be designated as the operating limit where the failure mode differs. 

Sensor A, B, C, D, E, F, G, H, I, J, K, L are used for this experiment. Sensors A and 
B were tested at 130°C, C and D were tested at 140°C, E and F were tested at 150°C, G and 
H were tested at 160°C, I and J were tested at 170°C, K and L were tested at 180°. And the 
data is shown by the following Figure 3. 

As the Figures 3 and 4 shows, no signal is received at 180°C. It implies that the failure 
mechanism is the destruction of the piezo film and the failure mode is the absence of a signal. 
It means that 180°C can be designated as the operating limit where the failure mode differs. 


—O~ 130°C (A) —® 130°C (B) 
o> 440°C (A) ~*~ 140°C (B) 

& 450°C (A) “&~ 150°C (B) 
=x— 460°C (A) =w= 460°C (B) 
=O= 170°C (A) —©~ 170°C (B) 


—*= 480°C (A) —*— 180°C (B) 
Failure criterion 


—O- 130°C (A) —®— 130°C (B) 
=O= 140°C (A) —* 140°C (B) 
4 150°C (A) *~ 450°C (B) 
~ 460°C (A) ~*~ 160°C (B) 
—O~ 170°C (A) ~*~ 170°C (B) 
—*— 480°C (A) —*— 180°C (B) 
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Peak value [V] 
Peak-to-peak value [V] 


Time [Hr] Time [Hr] 


Figure 3. Result of experiment considering physical differences between sensors; Peak values of sensor 
A and sensor B over time (left). Peak-to-peak values of sensor A and sensor B over time (right). 
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Figure 4. Result of experiment considering fatigue accumulation; Peak values of each sensor over time 
(left). Peak-to-peak values of each sensor over time (right). 
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3 CONCLUSION 


In both tests, 180°C was defined as the operating limit. In other words, the temperature is 
more influential than the accumulation of fatigue or the physical difference of the sensor for 
sensor failure. For the accelerated life test, the experiment is typically conducted with three 
stress levels. Therefore, since it was confirmed that the failure mode changes at 180°C, it 
seems reasonable to experiment with 170, 160, and 150°C. 

As long as environmental conditions are specified, this methodology is also valid for use 
and replication to sensors in other HWL repositories. Therefore, it is expected that this meth- 
odology could be able to be applied throughout. 
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ABSTRACT: In the present paper, the walls of a concrete frame used for over-decking in 
a road tunnel were first designed using the relevant design provisions. The response of the 
wall was then analysed using non-linear finite element analysis, and the results of the finite 
element analysis were compared to what was predicted using the design guidelines. Addition- 
ally, simulations of the blast load resulting from gas leakage during transportation were con- 
ducted as a separate study. The results from two vapour clouds containing gases of hydrogen 
and propane were compared. 


1 INTRODUCTION 


The Swedish Transport Administration uses its developed design provisions for road tunnels in 
Sweden; see the Swedish Transport Administration (2021). It states that road tunnels subjected to 
accidental loads should be designed such that failure of the tunnel components does not initiate 
a progressive collapse of the load-bearing structure, but local damage is accepted. Possible acci- 
dental loads are e.g. collision loads, and blast loads due to explosions resulting from the ignition 
of vapour clouds or explosive charges. However, the loads in the design provisions do not cover 
the transport of dangerous substances, for such cases a separate inquiry must be conducted. 
Transport on roads of combustible substances such as liquefied petroleum gas (LPG) or 
hydrogen is common, and the possible accidental explosion of such substances has had detrimen- 
tal consequences, as reported by Strehlow (1998). During a spill of e.g. LPG, the liquid vaporize 
and mix with the air as it disperses. If the mixture is within the flammability limits, ignition 
within the cloud may initiate and propagate a flame front due to the combustion process. Gener- 
ally, the ignition of a completely unconfined and uncongested vapour cloud would result in 
a weak deflagration, causing a flash fire and slight overpressures which would be relieved by 
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expansion, see van der Berg (1985). However, confinement limits the free expansion of the flow 
and facilitates flame acceleration which could result in severe deflagrations, and possibly 
a deflagration to detonation transition (DDT), as described by Oran et al. (2020). This implies 
that significant blast loads may occur in road tunnels from the confinement of the tunnel walls 
and congestion from traffic in case a vapour cloud ignites. Another important factor determining 
the resulting blast is the reactivity of the combustible, as described by Bjerkevedt et al. (2000). 

This paper aims primarily to study the response of the concrete frame subjected to the load 
from an internal explosion described in the design provisions using the finite element analysis 
software Abaqus FEA, documented by Dassault Systémes (2014). This response is then com- 
pared to what was predicted using the guidelines for design. Additionally, possible blast loads 
arising from gas explosions of hydrogen and propane are then determined using computa- 
tional fluid dynamics (CFD) simulations with FLACS-CFD, documented by Gexcon AS 
(2022), and compared with current design provisions. The simulations of the response using 
Abaqus and of the gas explosions using FLACS-CFD were conducted as two separate studies 
on the same tunnel configuration. 


2 CASE STUDIED 


Based on the demands given by the Swedish Transport Administration (2021), a concrete tunnel 
consisting of a frame structure was chosen as it has appropriate critical elements that must be 
analysed. This principle is used in e.g. the road over-decking in Hagastaden in Sweden, and the 
dimensions of the elements presented in Figure 1(a) are deemed to be representative of a concrete 
frame used for over-decking. This work is limited to focusing on the response of the walls. 
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Figure 1. (a) Dimensions of the elements in the frame structure; (b) reinforcement for the wall and ceil- 
ing; section showing the wall thickness, ceiling thickness and cover; and (d) the idealized case used for 
design of the reinforcement. 


The reinforcement in the concrete wall was designed using the old Swedish design provi- 
sions for impulse-loaded structures (von Essen 1973), as this describes a design procedure. The 
new acting provisions, i.e. FKR 2011 (Swedish Fortification Agency 2011), were then used to 
verify the design. The load used was the pressure on a local area presented in Table 1, where 
P* is the peak overpressure and /* its duration. The concrete was assumed to be of grade C30/ 
37 with a reinforcement of grade B500C. For design, the concrete wall was assumed to work 
as a fixed- fixed plate strip with a 6 m width. This equivalent width was determined approxi- 
mately using the principle of an equivalent width for wide flanges in T-beams described by 
CEN (2005). The plate strip spans 5 m, only carrying the load in one direction, between the 
ceiling and the wall footing. A schematic illustration of the idealized case used is presented in 
Figure 1(d). The reinforcement amounts resulting from the calculations are presented in 
Figure 1(b) and (c), where ¢ is the reinforcement diameter and s the reinforcement spacing. 
According to the design provisions used, there was a need for shear reinforcement as the con- 
crete and flexural reinforcement alone was not enough to resist the shear force due to the sup- 
port reaction determined using the Swedish Fortification Agency (2011). The effect of adding 
the shear reinforcement was investigated in the discussions. 
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According to the literature study, hydrogen and propane spills are considered to be the most 
likely sources of vapour clouds in tunnels, and hence, stoichiometric mixtures of both gas types 
are also evaluated in this study. The case is presented in Figures 2(a) and (b). The minimum 
lane requirements for tunnel highways described by the Swedish Transport Administration 
(2020) were used to construct the plane view in Figure 2(a). Three rows of idealized cars are 
placed symmetrically around the lane separation line. The confined vapour cloud volume fills 
the entire cross- section over the space of the three rows of cars, which results in a cloud volume 
of approximately 1000 m°. The cloud is ignited at a point 0.175 m above the floor. 


Table 1. Design loads of explosion in a tunnel, Swedish Transport Administration 


(2021). 

Case P* [kPa] t [ms] 
Local pressure on a 4 x 4 m? area in the traffic space 5000 2 
Uniform pressure in the traffic space 100 50 


(a) 10m (b) 


Ignition point 
_— Vapour cloud (grey) 


20m 


Ignition point 


18m 18m 
1.5m 


Figure 2. (a) Plane view showing the vehicle configuration; and (b) elevation view. 


3 NUMERICAL MODELS 


3.1 FEM-models for the response 


The FEM-models were analyzed in Abaqus using an explicit solver, and the load applied con- 
sisted of the local pressure prescribed in Table 1. The tunnel was assumed to behave as an infin- 
itely long tunnel, i.e. without any reflection of the incident waves in the length direction due to 
the boundary conditions. The symmetry plane in the length direction was utilized as shown in 
Figure 3(a), meaning that only half of the tunnel length was modelled. The bottom face was 
restrained by a multi-point constraint (MPC) in all degrees of freedom (DOF) for the loaded 
wall (facilitating determination of the total reaction forces on the face from only one node) and 
the entire bottom face was restrained in all DOF for the adjacent wall. Only the darker grey 
areas in Figure 3(a) were assumed to crack, and they were modelled using the concrete damage 
plasticity model (CDPM). The tension softening curve used in the CDPM model was assumed 
to have an exponential shape (see Cornellisen et al. 1986) using the equation for the fracture 
energy proposed in FIB (2013), and the compression curve followed the non-linear equation in 
CEN (2005). The lighter grey areas were modelled using a linear elastic material model to 
reduce computational demand. This assumption was verified by studying the strains in post- 
processing; the strains in the area modelled with elastic material did not reach the crack limit. 
An average 0.1 m mesh consisting of linear brick elements using reduced integration and 
enhanced hourglass control was applied as shown in Figure 3(a), and infinite elements were 
used in the length direction. The use of infinite elements results in no need to model the entire 
tunnel length due to their absorption of the incident waves. Figure 3(a) shows that only the part 
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modelled with non-linear concrete contained reinforcement. The reinforcement was modelled 
with 0.1 m linear truss elements, assuming perfect bond to the surrounding concrete, and the 
material model consisted of a plasticity part and a ductile damage formulation. The simplified 
bi-linear relation for the stress and strain formulated in FIB (2013) was used for the reinforce- 
ment. The chosen finite elements, material model properties and modelling procedure were 
based on the study by Mathern and Yang (2021). Mean material properties were used for the 
concrete; compressive strength fem = 38 MPa, tensile strength fom = 2.9 MPa and Young’s 
modulus Eem = 33 GPa, and characteristic material properties were used for the reinforcement; 
yield strength f,,, = 500 MPa, tensile strength f,, = 1.15f,, and strain at maximum force ¢,, = 
7.5 % (see CEN 2005). The same properties were used for design. 
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Figure 3. Main characteristics of the non-linear models; (a) frame model and (b) plate-strip model. 


The simplified model used for the design in Figure l(c) was also modelled as shown in 
Figure 3(b), denoted as the plate-strip (PS) model. This was done so that design considerations 
could be compared to the results of the frame model described above. The PS model was con- 
structed using the same element types, material models and loading as the frame model. How- 
ever, the dimensions and boundary conditions were different. The vertical face where the wall 
connects to the ceiling and the horizontal bottom face where the wall connects to the wall 
footing was fully restrained in all DOF using an MPC for one model (model denoted ”FEA 
PS Vertical Restraints”). These boundary conditions are an idealisation of the restraining 
effect from the ceiling. The restraint on the vertical DOF was lifted in another model to 
remove the restraint on in-plane translation due to the ceiling (model denoted ”FEA PS No 
Vertical Restraints”). Both models were herein analysed to deduce the effect of the in-plane 
restraint from the ceiling on the response of the wall as it is not considered in design. 


3.2 Model used for the gas explosion analyses 


The same tunnel configuration was used for the gas explosion analyses using the FLACS- 
CFD code. Only a segment of the tunnel with a length of 160 m was modelled to reduce com- 
putational demand. This limited length was verified to not induce disturbance of the pressure 
levels within the core domain due the boundary conditions. Plane-wave boundary conditions 
were used in the inplane directions at the domain boundaries, as shown in Figure 4 where the 
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model is described, and these are non-reflective. The tunnel walls, ceiling and ground as well 
as the vehicles were assumed to be rigid and fixed. Two vapour cloud mixtures were analyzed; 
one stoichiometric air-hydrogen gas mixture (i.e. 30% hydrogen gas H2, 70% air), and one 
stoichiometric air-propane mixture (i.e. 4% propane, 96% air). The two mixtures were com- 
pared to deduce the effect of the reactivity of the cloud. The initial turbulent characteristics 
were considered by a characteristic velocity of Uy = 10 m/s, and relative turbulent intensity of 
I, = 10 %. The cell size in the core domain of the model was 0.05 m; i.e. 6 cells were used to 
solve the flow beneath each vehicle. This domain spans a length of 70 m, and outside the core 
domain, the cells were gradually increased in size towards the boundaries to reduce computa- 
tional demand. The main characteristics of the model are presented in Figure 4. Three monitor 
points were positioned at the mid-point of one of the tunnel walls, at distances from the igni- 
tion point R = 20, R = 26, and R = 36 m, respectively. The first monitor point is located 
1 m outside the vapour cloud. The cars were placed symmetrically in the tunnel. 


- Plane wave BC ye Roof Plane wave BC 
[se | `~ 


+ : + m 1 
Stretched domain (50 m) Fá Core domain (70 m) Stretched domain (40 m) 


tgnition mn we Gas cloud Pa Monitor points 


Figure 4. Main characteristics of the model used to simulate the vapour cloud explosions. 


4 RESULTS AND DISCUSSION 


4.1 Results from response analyses 


The simple plate strip model used for design in Figure l(c) was translated into an equivalent 
single-degree of freedom (SDOF) model using the procedure described in Biggs (1964). The 
equivalent SDOF-system method was applied as it is equivalent to the method used to develop 
the design provisions by the Swedish Fortification Agency (2011) as explained by Magnusson 
(2019). In Figure 5(a), the displacement of the frame model containing shear reinforcement 
(FEA Frame S) and the model containing no shear reinforcement (FEA Frame NS) showed to 
be equivalent. This indicates that the shear reinforcement was not utilized in the wall. This con- 
clusion is supported by Figure 7(c), where no plastic deformation occurs in the shear reinforce- 
ment of the frame model. The shear force used for design is determined by the support reaction, 
and the variation of the support reaction in time for the models is shown in Figure 5(b). The 
SDOF model shows an instantaneously occurring support reaction, with an amplitude that is 
approximately 1.7 times larger than the maximum reaction determined in the FEA models. The 
reason for the divergence in results is that it takes time for the support reaction to develop in the 
wall due to its inertia, which is not considered in the SODF model. The SDOF model may 
therefore produce over-conservative support reactions for load cases with durations that are 
small in relation to the wave propagation velocity of the structural element. 

In Figure 5(a), the analysed frame models shows smaller maximum displacements than the 
SDOF-model used for design. This shows that the design procedure used is too conservative; 
the frame structure showed a maximum displacement significantly smaller than the displace- 
ment capacity. This discrepancy between the SDOF-model based on a one-way spanning plate- 
strip and the frame model owes is due to the plate action, and also membrane forces developing 
in the wall of the frame. The reason for occurrence of membrane forces is the in-plane restraints 
from the wall footing and inertia of the ceiling. The nodal forces normal to the cross-section in 
the mid-point of the loaded wall in the frame model were added together to determine the 
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Figure 5. (a) Displacement over time for the SDOF model, frame model and PS models; and 
(b) dynamic reaction force. 


membrane force variation over time in Figure 6. The membrane force is initially tensile (posi- 
tive), before becoming compressive (negative), after which large tensile forces are sustained. 

Deducing whether the plate action or membrane forces resulted in too conservative results 
of the SDOF-model used for design was carried outby comparing the PS models to the frame 
models in Figure 5(a). The PS models result in larger maximum displacements than the frame 
models, and the maximum displacements of the PS models show to be similar to what was 
predicted using the SDOF model. Although large axial forces develop for mainly the PS 
model with the vertical restraint in Figure 6, the response is still not comparable the frame 
model. This shows that it is mainly plate action, and not the developed axial forces, that leads 
to over-conservative results of the SDOF-model used for design. 
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Figure 6. The variation of the axial force in time for the models. 


Figure 7 shows the plastic strains for the concrete and reinforcement in the FEA Frame 
S model and the FEA PS Vertical Restraints model. The figures showing the plastic strain in 
the concrete are configured in such way that the dark grey elements show cracks that are fully 
opened. The plots for reinforcement plastic strain use an arbitrarily low limit implying that 
black elements have undergone plastic deformation, and the annotations show on which side 
of the flexural reinforcement this occurs. Figure 7(a) and (b) indicate similar crack patterns, 
where the main difference is the larger crack distribution possible in the frame models. This 
further contributes to the higher stiffness previously observed. A similar phenomenon is 
shown in (c) and (d); the spread of the plastic hinges at the supports and in the field is much 
larger for the frame model, implying a larger total moment that deaccelerates the wall in the 
frame model, thus resulting in the reduced maximum amplitude. A better model for the design 
would therefore have used a larger equivalent width of the plate strip. 
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Figure 7. Maximum principal plastic strain at the time of maximum displacement for: (a) concrete in 
the FEA Frame S model; (b) concrete in the FEA PS Vertical Restraints model; (c) reinforcement in the 
FEA Frame S mode; and (d) reinforcement in the FEA PS Vertical Restraints model. 


4.2 Results from the gas explosion analyses 


Figure 8(a) and (b) show how the overpressure P*(t) varies over time ¢ at the three monitor 
points for both gas explosion models. Due to resource limitations, the hydrogen gas model 
could be analyzed to about 110 ms before being cancelled, and the propane gas model to 
about 300 ms. The same time span and overpressure limits are used in both figures, meaning 
that their shape can be directly compared. The cloud containing an air-hydrogen gas mixture 
in (a) shows significant overpressures at an earlier point in time when compared to the air- 
propane gas mixture in (b), indicating a higher average flame velocity. The maximum ampli- 
tudes in (a) are, therefore, larger than those in (b) as the flame velocity and overpressure level 
are coupled. As shown in (c), the larger maximum amplitude Phax (R) of the hydrogen gas 
model seems to hold until a distance from the ignition point of about 26 m; thereafter, the 
measured values of overpressure are similar for both gas types. The large overpressure meas- 
ured in (a) implies that a DDT might occur, but this transition cannot accurately be captured 
by FLACS-CFD. The waveform in (a) implies a strong deflagration or a detonation, and the 
waveform in (b) corresponds to a strong deflagration with a small probability of DDT. 
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Figure 8. (a) P*(®) for the hydrogen gas cloud model; (b) P*(#) for the propane gas cloud model; and 
(c) Phax (R) for both models. 
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Figure 9. (a) P*(¢) for both numerical models and due to the uniform pressure from Table 1; and 
(b) i(t) for both models and due to the uniform pressure from Table 1. 


Figure 9(a) and (b) compare the results determined by the gas explosion analyses to the 
design provisions in the Swedish Transport Administration (2021). The load used for compari- 
son is the uniform pressure in the traffic space in Table 1, as this is comparable to the pressure 
measured further down in the tunnel space without reflection, similar to the positions of the 
monitor points in the simulations. This accidental load is a general load used for design, and 
not specific for gas explosions. The local pressure in Table 1 that was used for design is similar 
to a reflected blast close to the ignition point, and the results at such points in the simulations 
were deemed to not be accurately determined as the DDT could not be captured accurately by 
the software used for simulation. A combination of the intensity of both the overpressure 
P*(t) and impulse intensity i(t) is what governs the response as described in the Swedish Forti- 
fication Agency (2011), meaning that both are analyzed. To simplify comparison, P*(t) have 
been moved in time to initiate simultaneously. In (a), the maximum amplitude using the 
design provisions show to be smaller than that determined by the simulations, as this corres- 
ponds to a weaker deflagration, and the duration is also smaller. This results in a lower 
impulse intensity as shown in (b). Transportation of the substances considered, therefore, 
results in the need for additional analyses. If in (b) the results of the hydrogen gas explosion 
are interpolated, it seems like the propane gas results in a larger impulse intensity although its 
maximum amplitude of the overpressure is significantly smaller. 


5 CONCLUSIONS 


The design provision showed a need for shear reinforcement, but the finite element analyses 
showed a negligible effect of it. This was shown to be an effect of a conservative prediction 
of the support reaction for load cases of small durations in relation to the wave propagation 
velocity in the element. The design method used for the wall showed to be conservative in 
terms of predicting the maximum displacement. A larger equivalent width of the plate strip 
model would have resulted in a more realistic response. The occurrence of axial forces in the 
models showed to occur, both with and without vertical restraint. This should be further 
investigated. 

The gas explosion analysis of a hydrogen cloud showed a higher average flame speed and 
larger maximum overpressure levels when compared to the analysis containing propane. This 
is due to the increased reactivity which, possibly, led to a DDT for the hydrogen cloud. There 
was an indication of a larger maximum impulse intensity of the gas cloud containing propane. 
The results of the simulations indicate more severe load parameters compared to the design 
provisions for monitor points further down the tunnel. This indicates the need of performing 
special inquiry for transport of such substances. Conclusions regarding pressure levels close to 
the ignition point could not be deduced as the results were uncertain due to possible DDT. 
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ABSTRACT: This study aims to assess the effect of the evacuees’ assumed “psychological pro- 
file” in a typical road tunnel fire evacuation simulation. A combined CFD and evacuation simula- 
tion software (FDS + Evac) was used to model the fire evacuation process in a typical road 
tunnel. The tunnel is at the order of 500 m long and has no mechanical ventilation installed; 
a time-varying fire source, with a peak heat release rate equal to 100 MW, was employed. Six 
vehicles were assumed to be located within the tunnel; overall, the evacuation of 70 passengers, i.e. 
55 adults and 15 children, was simulated. The agents were grouped according to their “psycho- 
logical profile during evacuation”, using three distinct “evacuation types”, namely the “conserva- 
tive”, “active” and “follower” type. The obtained results suggest that the psychological profile of 
the agents may have a significant impact on the selection of a specific evacuation exit and on the 
overall duration of the evacuation. 


1 INTRODUCTION 


Road tunnels are a key element of the global transport network infrastructure (Kirytopoulos 
et al. 2017). However, a large number of disastrous road tunnel fires in the last few decades 
has revealed their vulnerability against fire events, while highlighting the importance of 
prompt and effective evacuation. During a tunnel fire, flames, intense heat, smoke and toxic 
gases are produced. Hot combustion products tend to form a thermally stratified gas layer 
which spreads inside the tunnel, rendering the evacuation, rescue and fire extinguishing activ- 
ities considerably challenging, even in the case of a small incident. Therefore, in the frame of 
a tunnel fire risk assessment analysis, it is critical to quantitatively evaluate the behaviour of 
evacuees when exposed to such adverse conditions (Ntzeremes and Kirytopoulos, 2019). 

In the early stages of a typical tunnel fire, it is unlikely for motorists to immediately realize 
the exact nature of the emergency; as a result, they tend to remain inside their vehicles, usually 
assuming that the halt in traffic is temporary, owed to traffic congestion. When emergency 
announcements or even direct fire indications - such as smoke, heat or smell - hold their atten- 
tion, they begin to realise the true nature of the developing event. The main parameters affecting 
each individual’s reaction time and evacuation behaviour are panic, fear, processing information 
from their immediate environment, reluctance to abandon personal belongings and their vehicle 
and, perhaps one of the most important factors, social influence (Kirytopoulos et al. 2014). 
Moreover, the main factors affecting the exit selection process when evacuation is commenced, 
as determined by results obtained in both experimental and simulation studies, are initial dis- 
tance from the fire, group psychology and guidance by fire safety evacuation signals. 

Experimental studies of fire evacuation in full-scale tunnels are characterized by a multitude 
of challenges, mainly related to the availability of actual tunnels, high cost and difficulties in 
obtaining reliable quantitative measurements along the entire tunnel. On the other hand, evacu- 
ation simulations pose a different set of challenges, associated with difficulties in effectively 
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predicting human behaviour, especially during a crisis event. According to the study by Nilsson 
et al. (2009), social influence is particularly important when evacuating in road tunnels, since 
people are influenced by the behaviour of others. The study by Fridolf et al. (2019) is 
a comprehensive compilation of existing datasets on human movement in smoke. The majority 
of the experimental studies that have been conducted to investigate the movement and walking 
speed of people in smoke have actually been performed either in fairly simple experimental set- 
tings, such as straight corridors or in tunnels (or tunnel-like environments). Consequently, the 
information presented in these studies is not necessarily universally applicable to all potential 
evacuation conditions. Tunnel evacuation simulations are quite limited in comparison to tunnel 
fire simulations and are amenable to further development, both in terms of ease of formulating 
representative models and in the final presentation of the results to the user. The most popular 
evacuation simulation tools (Pathfinder, FDS + Evac) show differences in the calculated evacu- 
ation time in the majority of comparative studies. Pathfinder accounts for the delay time per 
bystander, whereas in FDS + Evac the reaction time is defined as a common delay time for all 
bystanders. According to Mu et al. (2014), Pathfinder is more accurate when the delay time is 
defined individually for each user, while FDS + Evac performs better in scenarios where reac- 
tion time is strictly defined for groups of all bystanders. 

In this context, the present work aims to investigate the key parameters of road tunnel fire 
evacuation simulations and their impact on the obtained results. Towards this end, 
a parametric study to comparatively assess the effects of varying the “psychological” profile 
of the evacuees on the results of combined CFD fire and evacuation simulations is performed. 


2 SIMULATION STUDY 


2.1 Characteristics of the simulated road tunnel 


The FDS + Evac simulation tool was used to perform a series of numerical simulations, 
focused on a combined fire and evacuation scenario, occurring in a typical Greek road tunnel. 
For the numerical simulation of the tunnel fire and evacuation process, the downward branch 
of the tunnel was used, with a length at the order of 530 meters and a downward longitudinal 
inclination of 5%. No mechanical ventilation facilities assumed to be installed; a connecting 
pedestrian gallery is located midway along its length, which can be used by pedestrians as an 
escape route (emergency exit). As a result, there are three potential exits in the simulated 
tunnel branch, namely the SE vehicle entry portal, the NW vehicle exit portal and the emer- 
gency exit located at the middle of its length. 


2.2 Simulation tool 


The FDS code, version 6.7.3 (McGrattan et al., 2021), was used to perform the fire simula- 
tions. FDS is an open-source Computational Fluid Dynamics (CFD) code; it is the product of 
an international collaboration, led by the National Institute of Standards and Technology 
(NIST) in USA and the Technical Research Centre (VTT) in Finland. In the FDS code, the 
Navier-Stokes equations are solved using a second-order finite-difference numerical scheme, 
using a low Mach number formulation. The turbulence model is based on the Large Eddy 
Simulation (LES) approach; the combustion model assumes a mixing-limited, infinitely fast 
reaction. The Radiative Transfer Equation (RTE) is solved using the Finite Volume Method 
(FVM). The wall heat losses can be calculated by solving Fourier’s 1-D equation for thermal 
conduction across the solid boundaries of the computational domain. 

The combined FDS + Evac code allows the simultaneous simulation of fire and evacuation 
processes; it is a well-known tool, which is broadly used by the fire evacuation community. 
The FDS + Evac code treats each evacuee as a separate entity that has their own personal 
properties and escape strategies (Korhonen, 2018). The movement of the evacuees is simulated 
using two-dimensional planes; the main exit motion algorithm solves a motion equation for 
each evacuee in a continuous two-dimensional space and time. The “forces” acting on 
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evacuees consist of both physical forces, such as contact forces, and psychological forces 
exerted by the environment and by other evacuees. The model behind the motion algorithm is 
the social force model introduced by Helbing’s group (Helbing and Molnar, 1995; Helbing 
et al., 2000; Helbing et al., 2002; Werner and Helbing, 2003). A modification of the model to 
better describe the shape of the human body was later introduced by Langston et al. (2006). 

The psychological profile of the evacuees has a catalytic effect on a fire evacuation process. 
Despite the fact that during the simulations carried out the evacuees are assumed to have the 
same knowledge of the escape routes, the definition and comparison of sets of different psy- 
chological profiles allows the investigation of the influence of this parameter on the obtained 
results. In the Evac code used for the simulations, the following three “types” of agents can be 
modelled, bearing the respective characteristics (Korhonen, 2018): 


— “Active”: A heterogeneous crowd may contain people of varying levels of perception; the 
more observant ones will actively look for possible faster egress routes, whereas the less 
observant ones will head to their familiar exits or will follow others. The “active” agent type 
essentially models the more observant members of the group, who continuously observe their 
environment to find the fastest exit route available. 

— “Conservative”: The “conservative” type agents correspond to the less observant members of 
a group; they initially head towards their familiar exits, but they can change their course if there 
is some smoke at the exit routes. “Conservative” agents are mainly considering the exits that 
they are already familiar with and are reluctant to use previously unknown emergency exits. 

— “Herding”: The “herding” type agents are assumed to be reluctant to use exits that are not 
previously known to them, therefore they only move towards their familiar exits (e.g. 
vehicle entry and exit portal in a tunnel). The “herding” type agents always look around 
and check where their nearest neighbours are heading; if some of them are moving towards 
an exit, the “herding” agents will start following them. 


2.3 Simulation details 


The external dimensions of the simulation domain were at the order of 500 m x 10 m x 
7m (LxWxH); based on a parametric study carried out during an initial FDS code validation 
study, a non-homogeneous computational mesh was used. More specifically, the computa- 
tional cell dimensions were 0.60 m x 0.35 m x 0.20 m close to the fire area and 0.60 m x 
0.35 m x 0.40 m in the rest of the simulated area; the total number of computational cells used 
in the simulations was 442816. A numerical mesh quality criterion commonly used in fire 
CFD simulations is expressed as D*/6x > 10, where D* is the characteristic diameter of the 
fire and 6x corresponds to the average size of the computational cells (McGrattan et al., 
2021). The D*/5x values in the simulated test cases were estimated to be 17.4 near the fire area 
and 13.8 over the rest of the computational domain, thus complying with the aforementioned 
mesh quality criterion. The tunnel axial and lateral slopes were incorporated into the model 
implicitly, by modifying the gravity vector components on the three axes (Figure 1, left). 

Based on the respective guidelines of the Greek Tunnel Administration Authority (DAS 9, 
2011), the worst case fire scenario for non-hazardous loads was selected (Scenario 7). More spe- 
cifically, the simulated fire source corresponded to a fire in a heavy-duty load carrying vehicle, 
exhibiting a peak Heat Release Rate (HRR) value of 100 MW. The characteristic curve of the 
fire HRR versus time is depicted in Figure | (right); the time to peak HRR is 300 s, whereas the 
onset of the fire decay phase occurs 3900 s after ignition. The total fire duration is 5100 s. In the 
CFD simulations, the fire source was assumed to be a burning heavy goods’ vehicle, which was 
modelled as a rectangular solid, measuring 9.6 m x 2.8 m X 2.8 m (LXWXH). The burning 
vehicle was assumed to be stationary 100 m upstream of the vehicle exit portal, representing 
a relatively adverse case. Heptane was selected as a “surrogate” fuel, exhibiting a soot yield of 
1% of the fuel mass and a radiative fraction equal to 0.3. 

Based on available ambient wind speed measurements in the vicinity of the tunnel and aiming 
to simulate a realistically “adverse” scenario, a 5.0 m/s constant wind speed was used as 
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Figure 1. Numerical mesh used for the CFD simulations (left) and time evolution of HRR (right). 


a boundary condition; the wind was assumed to blow from the vehicle exit portal towards the 
vehicle entry portal. This scenario is considered to be the most unfavourable since the fire starts 
near the exit portal and creates an obstacle for passing vehicles, while the inclination of the tunnel 
and the wind direction (upstream of the fire) aggravate the atmosphere for trapped evacuees. 

For evacuation purposes, 5 vehicles (4 passenger vehicles and | tourist bus) were considered in 
addition to the burning HGV (Figure 2); as a worst-case scenario, it was assumed that each pas- 
senger vehicle has 5 adult occupants, while the bus has 50 passengers, divided into 35 adults and 
15 children. It is assumed that as soon as passing vehicles become aware of the smoke from the 
burning vehicle, they will reduce their speed by approaching it, and once stopped, the occupants 
will start moving towards the exits. Due to the inability of the FDS + Evac code to simulate 
moving objects, the vehicles were modelled as stationary solid obstacles in their “final” positions. 

The three possible evacuation points were identified as follows: “Exit 1” was defined as the NW 
vehicle exit portal, located at x = 0 m, “Exit 2” corresponded to the SE vehicle entrance portal 
and “Exit 3” was assumed to be the emergency exit, located approximately midway in the tunnel. 
During the evacuation simulations, the detection (awareness) time of all evacuees was assumed to 
be 300 s, essentially simulating a “worst case scenario” where the time for vehicle deceleration and 
immobilization, as well as the realization of the dangerous situation coincide with the time the fire 
reaches its maximum power (100 MW), whereas the reaction time was assumed to be 60 s, corres- 
ponding to the average time needed by each evacuee to exit the vehicle. 


2.4 Parametric study 


A total of 70 vehicle occupants (evacuees), with distinct subsets of common characteristics, were 
tracked in the evacuation simulations. The evacuees may assume different “psychological pro- 
files”, based on their age group and their estimated readiness to react under severe conditions. 
The age group differentiation is based on the increased observability and alertness of adults 
compared to children. These characteristics are incorporated into the evacuation simulation by 
means of a different value for the probability of initially identifying the existence of a potential 
tunnel exit for adults and children, respectively. Research results of Fridolf et al. (2013) showed 
that the use of the emergency exit depends on the evacuees’ location inside the tunnel. More 
specifically, the evacuees that walk on the side of the tunnel where the emergency exit lies, even 
if it is initially unknown to them, tend to evacuate through it to a greater extent compared to 
those who walk on the opposite side. In this context, adults are considered to actively search for 
escape exits in their immediate vicinity, whereas children are assumed to rely solely on adult 
directions and their prior knowledge. Consequently, both adults and children have a 100% 
probability of initially considering the vehicle entrance and exit portals to be a “viable” exit 
from the tunnel. However, it is assumed that the probability of adults initially considering the 
emergency exit is 25%, whereas the respective value for children is assumed to be 0%. 

Aiming to investigate the effect of the evacuees’ psychological profile on the evacuation pro- 
cess, two different evacuation test cases have been simulated; in the initial “benchmark” test 
case, a 60% “active” and 40% “conservative” adult evacuee ratio was used, whereas in 
the second test case, this ratio was assumed to be 80% “active” and 20% “conservative”. In 
both test cases, all 15 children were assumed to be of the “herding” type. Table 1 provides 
details for the key parameter values used in both the investigated test cases. 
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Table 1. Characteristic simulation parameters for the investigated test cases. 


1 2 

Test Case 

Evacuee age Adults Children Adults Children 
Probability of knowing entry and exit portals (“%) 100 100 100 100 
Probability of knowing emergency exit (%) 25 0 25 0 
“Active” evacuees (%) 60 0 80 0 
“Conservative” evacuees (%) 40 0 20 0 
“Follower” evacuees (%) 0 100 0 100 


The presented results of the evacuation simulations using the FDS + Evac code are based 
on the statistical evaluation of a number of successive iterations of the simulation (Monte 
Carlo method) to adequately reflect the range of results, since the evacuation simulation is 
performed stochastically. As a common practice, the literature recommends to repeat the 
simulation at least 12 times. For the present study, each simulation was run 25 times to ana- 
lyse the range of the obtained results with increased confidence levels. 


3 RESULTS AND DISCUSSION 


3.1 CFD results 


For illustrative purposes, Figure 2 (top, middle) depicts the main characteristics of the flow field 
developing inside the tunnel, 1200 s after fire initiation. Due to the longitudinal slope of the 
tunnel, as well as the imposed boundary conditions (c.f. Section 2.3), the main flow established 
inside the tunnel is directed from the vehicle exit portal (left in Figure 2) to the vehicle entry portal 
(right in Figure 2). Also, characteristics recirculation zones are developed behind each vehicle. 

The main parameters affecting the evacuation process and the evacuees’ ability to escape, are 
visibility and gas mixture toxicity. In terms of visibility, it is evident that the majority of the 
smoke produced (soot particles) moves close to the roof of the tunnel due to thermal buoyancy, 
therefore having a reduced impact on the visibility of evacuees moving at ground level (c.f. 
Figure 3). A well-known parameter used to quantify the toxicity due to the accumulation of 
smoke and toxic gases is the Fractional Effective Dose (FED); FED in the FDS+Evac code is 
calculated using Purser’s (2016) concept. FED values at an average “breathing” height (z = 
1.6 m) were obtained for both test cases. It was found that the mean FED levels were signifi- 
cantly lower than 0.3, a value that represents the “neutralization threshold” commonly used in 
relevant regulatory documents (DAS 9, 2011). More specifically, the mean value of the “cumu- 
lative” FED of all the evacuees in the evacuation simulations was found to be equal to 0.01, 
while the maximum value recorded was 0.05. Figure 2 (bottom) illustrates the spatial distribu- 
tion of FED near the fire source 1200 s after fire initiation, which corresponds to the maximum 
completion time of tunnel evacuation observed in the evacuation simulations. It is evident that 
in this case, dangerous FED levels develop only in close vicinity to the burning vehicle. 


Figure 2. Illustration of fire location and smoke dispersion (top), velocity distribution (middle) and 
FED distribution (bottom) at a height of 1.6 m, close to the fire source (t = 1200 s). 
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Figure 3 illustrates the temperature distribution at the middle plane of the tunnel, 1200 s after 
fire initiation. It is evident that thermal buoyancy creates a stratified thermal field, where high 
temperatures can mainly be found close to the fire source and near the tunnel ceiling, whereas 
temperatures at lower heights are significantly reduced. However, the high temperature jet 
developing under the ceiling, may be the source of significant radiative heat flux levels at the 
lower parts of the tunnel. 


Figure 3. Gas temperature distribution at the middle plane of the tunnel (ż = 1200 s). 


3.2 Evacuation results 


Figure 4 illustrates an example of the evacuation process during a typical simulation. Mobility 
is observed first on the vehicles closer to the fire source and then on the rest, with the bus 
being evacuated last, since the existence of only two doors limits the overall mobility of the 50 


evacuees. 


Figure 4. Characteristic snapshots of evacuees’ locations close to the fire area, just before the initiation 
of the evacuation process (top) and 120 s after the initiation (bottom). 


By comparing the obtained results in the two test cases considered (Figure 5), it is 
evident that the “psychological profile” of the evacuees may significantly affect the exit 
selection process. More specifically, when the fraction of the “active” evacuees is 
increased, there is an increase in the number of evacuees directed towards the tunnel’s 
emergency exit and there is also a pronounced decrease of evacuees heading to the 
vehicle entry portal. Essentially, in test case 2 a fraction of the evacuees (approxi- 
mately 7%) is motivated to exit through the emergency exit, which is closer to their 
initial locations (vehicles), instead of the vehicle entry portal, which is the farthest 
tunnel exit. 


GBB Traffic Exit Pora HBB Traffic Exit Portal 
GBB Traffic Entry Portal GBB Traffic Entry Portal 
ME Fire exit Door ES Fire exit Door 


48.86% 
40.8% 


48% 44.69% 
Figure 5. Selection of escape exit for test case | (left) and test case 2 (right). 
Comparison of the temporal evolution of the evacuation process in both simulated test 


cases yields quite similar results, both qualitatively and quantitatively (Figure 6). More specif- 
ically, the average evacuation completion time decreased by 4 s from test case 1 to test case 2 
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(Figure 6, left), a rather modest difference compared to the total evacuation time (780 s and 
776 s, in test cases 1 and 2, respectively). 

The temporal evolution of the total number of evacuees inside the tunnel for both test 
cases is displayed in Figure 6 (right); mean values correspond to the arithmetic average of all 
25 simulations for each test case, whereas the respective coloured areas depict the corres- 
ponding minimum and maximum values observed. Based on the obtained simulation results, 
test case 2 appears to reach the threshold of <10 evacuees remaining in the tunnel much 
faster than test case 1, and then demonstrates a steady rate of decline. In contrast, the 
majority of iterations of test case 1 show a second wave of steep decline after approximately 
650 s, which describes the time point at which 13% of evacuees approach the most remote 
exit, i.e. the vehicle entry portal. Although different test cases would result in different 
numerical results, the big picture related to the benefit of the knowledge of emergency exits 
presence is not expected to change. 
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Figure 6. Evacuation completion time of 25 iterations (left) and temporal evolution (average and stand- 
ard deviation) of the total number of evacuees inside the tunnel (right), for test cases 1 and 2. 


4 CONCLUDING REMARKS 


In the context of the investigation of fire and evacuation phenomena in the examined road 
tunnel, simulations were carried out using the FDS + Evac code. Despite the full development 
of the fire, in no case was the concentration of exhaust gases sufficiently intense to be con- 
sidered dangerous to the health of the evacuees. In order to investigate the effect of the “psy- 
chological profile” of the evacuees, a parametric study was carried, by varying the fraction of 
the “active” vs. “conservative” adult evacuees in the simulations. The increase in “active” 
evacuees and corresponding decrease in “conservative” evacuees (test case 2) resulted in 
a slight increase in the use of the emergency exit. However, modifying the evacuees’ psycho- 
logical profile was found to yield a rather negligible effect on the total evacuation time, since 
this parameter is mainly affected by the last motorist evacuating through the exit farthest 
from the point of origin (vehicles), which, in the simulated tunnel, was the vehicle entry 
portal. In a real situation though, the noticeable differentiation in the number of trapped 
users between 520 s to 720 s can have a significant effect on the overall safety of the tunnel 
system. By examining the research results one can clearly denote the importance of educating 
road tunnel users for safety issues, and especially the existence of emergency exits. 

One issue that needs to be stated is the fact that the outcomes of this paper are based on 
simulation results. Although the relevant tools are widely used and trusted and despite the 
fact that the researchers put every possible effort to approach reality, any simulation model 
can represent reality up to a certain level. In view of that, the results should be validated with 
full-scale experiments. 
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ABSTRACT: An increasing number of transit authorities are pursuing a transition of their 
entire bus fleets to zero-emissions technology, specifically battery electric buses, to decarbon- 
ize the transportation system. This continuous shift to battery powered buses is associated 
with new hazards, including fires containing lithium-ion batteries undergoing thermal run- 
away reactions. This study focuses on identifying any key fire-life safety issues associated with 
a battery electric bus fire in an underground infrastructure. A design fire heat release rate 
curve for a battery electric bus is developed and fire scenarios in a roadway tunnel are mod- 
eled with occupants egressing. The analysis accounts for the severity of the structural impact 
from the thermal exposure on the tunnel. Results are compared with a conventional internal 
combustion engine bus fire scenario which would provide insight into fundamental questions 
including whether battery electric bus fires cause conditions in a tunnel to be more harmful. 


1 INTRODUCTION 


1.1 Battery electric buses 


A major difference between battery electric buses (BEBs) and internal combustion engine 
buses (ICEBs) is their use of batteries such as lithium-ion to power their electric motor. To use 
these batteries safely they need to operate within a defined voltage and temperature range, 
which can exceed because of a crash or other fault condition and can initiate a thermal run- 
away reaction (Bisschop et al. 2009). Thermal runaway reaction is the result of rapid self- 
heating of a battery cell. The cause for this is an exothermic reaction occurring within the cell 
which can occur within any type of battery. The rapid self-heating can spread to different cells 
and initiate a chain reaction, resulting in fires as well as re-ignition risks even after the fire has 
been extinguished. As the number of BEBs on the road is likely to rise, so is their involvement 
in traffic accidents and fire incidents. BEB fires can be particularly harmful in underground 
infrastructure such as road tunnels where smoke and toxicants released can easily spread 
throughout the tunnel length, resulting in a hazardous environment for the occupants. 

Existing international standards such as International Fire Code (IFC 2021) and the 
National Fire Protection Association Standard for Road Tunnels, Bridges and Other Limited 
Access Highways (NFPA 502) in the United States currently does not provide details regard- 
ing BEB fires in road tunnels. The standards also do not provide a design fire heat release rate 
curve (FHRR) or a peak heat release rate (PHRR) for a BEB fire. This study focuses on iden- 
tifying any key fire-life safety issues associated with a BEB fire in a short tunnel. Engineering 
analysis is conducted using numerical methods, computational fluid dynamics (CFD), avail- 
able fire test data and existing standards to develop a design FHRR curve for a BEB. Fire 
scenarios in a road tunnel are modeled with occupants egressing. The analysis accounts for 
the thermal exposure to the tunnel ceiling and walls from the fire. Results are compared with 
an ICEB fire scenario to provide insights into whether a BEB fire cause conditions in a tunnel 
to be more harmful. 


DOI: 10.1201/9781003348030-397 
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2 METHODOLOGY 


2.1 Computational approach 


This study utilizes the CFD software Fire Dynamics Simulator (FDS) version 6.7.7 (McGrattan 
et al. 2021) for modeling hypothetical fire scenarios in a short road tunnel. Full-scale BEB fire 
test data is limited and not publicly available nor provided in any existing standard. However, 
there exists data for full-scale passenger sized battery electric vehicles (BEVs) fire tests (Lecocq 
et al. 2012, MacNeil et al. 2015, Sun et al. 2020, Willstrand et al. 2020). These tests suggest that 
BEV fire may be of a similar magnitude as an ICEV fire. Based on this data, it can be deduced 
that a BEB fire may not differ greatly from an ICEB. This is because majority of the flammable 
materials in the buses would be similar (fabric, polyurethane foam, PVC, plywood, ABS, tough- 
ened glass, steel etc.) (Andersson et al. 2016, Hammarström et al. 2008, Jie and Lang 2013). 
Therefore, the major difference between an ICEB and BEB would be their power system. 

NFPA 502 provides the representative PHRR for a bus fire on the order of 30 MW which 
should reach the PHRR within 15 minutes from fire start (NFPA 502, 2023 edition). Consid- 
ering the assumption that the PHRR of a BEB may not vary substantially from the PHRR of 
an ICEB (30 MW), a methodology can be derived for a BEB fire where the total diesel (or 
gasoline) fuel PHRR is subtracted from the 30 MW of an ICEB and the PHRR of the battery 
pack is added to the 30 MW. However, the representative 30 MW value that NFPA 502 pro- 
vides is estimated based on reported full-scale bus fire tests and does not specify any quantity 
of diesel fuel. To be conservative to account for the battery fire in a BEB, the total PHRR of 
the battery pack based on the total battery capacity can be estimated and added to the 30 
MW of an ICEB bus fire including the PHRR of diesel fuel present during its burning. 

Total battery pack capacity varies between the different bus manufacturers in North Amer- 
ica, however an approximate can be taken of 450 kWh representative of a 40 ft long bus. 
Based on this, the correlation from (Sun et al. 2020) can be used, shown in Equation (1): 


PHRR = 2E;°° (1) 


where PHRR = peak heat release rate in kW and Eg = battery capacity in Wh. Using battery 
capacity (Eg) = 450,000 Wh, we get an approximate PHRR of 4931 kW or 4.93 MW for the 
BEB battery pack. Adding this to 30 MW, we get a resulting approximate PHRR for a BEB 
fire of 34.93 MW, which can be rounded up to 35 MW. Figure 1 compares the BEB and ICEB 
fire curves developed for the analysis in this study with some of the full-scale bus fire tests 
(Ingason et al. 2014). An ultra-fast growth coefficient of 0.1876 kW/s? is used represents the 
rapid initial growth of the fire. 


2.2 Fire chemistry 


To represent the combustion of BEB a full combustion reaction considering the toxic gases is 
computed and inputted in FDS. The product yields of the gases are taken from the full-scale 
fire tests of a BEV and ICEV (Willstrand et al. 2020). Combustion reaction coefficients are 
then solved using numerical analysis that balances the chemical equation to provide the fuel 
molecule input that FDS requires. 


2.3 Toxicity analysis 


The toxicity analysis in this study is based on David A. Purser’s Fractional Effective Dosage 
(FED) and Fractional Irritant Concentration (FIC) indexes detailed in the SFPE Handbook 
of Fire Protection Engineering (Purser 2016) and FDS (McGrattan et al. 2021). Purser cat- 
egorizes the fire products into asphyxiant products and irritant fire products. Gases that can 
cause asphyxiant effects in fire (considered toxic) include Carbon Monoxide (CO), Hydrogen 
Cyanide (HCN), and low concentrations of Oxygen (O2) and high concentrations of Carbon 
Dioxide (CO3). 
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Figure 1. BEB and ICEB FHRR compared with available full-scale bus fire tests (Ingason et al. 2014). 
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Figure 2. Reported product yields of the ICEV and BEV fire (Willstrand et al. 2020). 


2.4 Tenability criteria and evacuation characteristics 


The tenability criteria (for a tenable egress environment) in this study are based on 
NFPA 502 requirements for a road tunnel. The criteria consist of consideration for the 
toxicity in smoke, heat exposure and visibility. FED and FIC values greater than 0.3 are 
taken as exceeding the minimum level for incapacitation where the most vulnerable 11% 
of the population are being susceptible to comprised tenability (Persson et al. 2019, 
Purser 2016, Raza et al. 2022). 

For this analysis, FDS+EVAC version 2.5.2 (Korhonen 2018) is used where 112 occupants 
are placed at random initial locations throughout the tunnel in the model. Variance in popula- 
tion is based on the typical urban census data (Korhonen 2018). Detection of smoke by the 
occupants in this study is set to either when the fire reaches 400 kW or when the local visibility 
around them becomes less than 20 m (Persson et al. 2019). Occupants start self and independ- 
ent evacuation based on whichever criterion is met first. For each case, 20 evacuation simula- 
tions are run using the Monte Carlo approach. 
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2.5 Modeling 


Hypothetical fire scenarios are developed in a short two-lane unidirectional tunnel of 
300 m length, 10.4 m width and 6 m height for this analysis. The burning bus is placed near the 
exit (north) portal. No egress doors are modeled, and the occupants are only allowed to evacuate 
using the entry (south) portal of the tunnel, therefore giving the longest possible egress distance. 
Per NFPA 502 Annex B.3, a region of untenability of 30 m around the fire is applied (NFPA 502 
2023). Cars are placed in the model as obstacles to occupants. Frictional losses due to stopped 
traffic and piston effect from moving traffic at the start of the incident are not taken into account 
for this study. Fire pressure loss effects are assumed to be negligible (Raza et al. 2022). 

Both natural and mechanical ventilation schemes were considered in the study and open 
boundary at far field conditions were modeled at both tunnel portals. Mechanical ventilation 
was modeled using jet fans. 

Figure 3 shows the jet fans modeled. Each jet fan was modeled to produce a static thrust of 
approximately 1325 N and 39.9 m/s volume flow rate. Jet fan pair 1 which was located closed to 
the fire bus was assumed to be inoperable due to the resulting temperatures from the fire. The 
bus was assumed to have open doors and windows to simulate worse case. Since typical BEBs 
have battery packs placed either on the roof or underneath the passenger space, a measure was 
taken to not model the bus roof, to account for both battery pack locations in the analysis. 


Jet fan pair 3 and 4 


, Jet fan pair 1 and 2 
Entry (south portal) through 
which occupants evacuate 


Stopped cars 


Jet fans flow direction z 
Fire bus 


Figure 3. Tunnel model used for the CFD analysis. 


2.6 Adiabatic surface temperature 


Adiabatic surface temperature (AST) is defined as the thermal exposure of a surface from the 
total heat flux, which is a sum of the radiation and the convection contributions (Wickström 
2016). An advantage of using AST is that it will always be higher than the surface temperature of 
the exposed body. FDS allows measurement of the AST of any surface and therefore can be used 
to estimate the extent of the thermal exposure on the concrete tunnel walls modeled in this study. 
AST resulting from the study can be compared with some of the widely used standard fire 
curves such as the ASTM E119, ISO 834 and the RWS curve to provide insights into the 
severity of a BEB fire in a road tunnel. ISO 834 fire curve is more appropriate for a direct 
comparison with the AST as plate thermometers were used during the ISO 834 testing to 
measure the temperatures. Plate thermometers have a much shorter time constants due to 
which the temperatures measured using it are generally closer to the AST (Wickström 2016). 


3 NATURAL VENTILATION RESULTS 
Table 1 provides a summary of the toxicity analysis, and the 20 evacuation runs. Results show 


occupants take longer time to exit the tunnel in the BEB fire scenario. This is expected as the 
BEB fire has higher soot production than ICEB fire (refer to Figure 2). In terms of toxicity, 
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results show unfavorable conditions in the tunnel. Maximum FED based on toxicity and ther- 
mal exposure for both ICEB and BEB fires were found to be less than the 0.3 limit. However, 
for the BEB fire the toxicity FED value was 0.29 which is very close to the design limit. The 
FIC values exceeded the limit in both scenarios, indicating that some occupants could be 
exposed to very high irritant concentrations. 


Table 1. Maximum FED and FIC results from 20 evacuation runs 
for natural ventilation. 


Parameters ICEB BEB 
Average egress time 17 min 59 sec 22 min 45 sec 
Maximum egress time 20 min 15 sec 24 min 12 sec 
Maximum FED 0.17 0.29 
Maximum heat FED 0.057 0.076 
Maximum FIC 0.41 0.54 


Traditional methods for proving a tenable environment focuses on maintaining 
10 m of visibility along the evacuation path (Persson et al. 2019, Raza et al. 2022). 
Figure 4 compares the transient visibility contours at 2.4 m above ground for ICEB 
and BEB fires. Results show smoke stratification occurs in both cases where the smoke 
remains close to ceiling. Visibility along the length of the tunnel fall well below 
10 m which makes conditions untenable for the occupants as per NFPA 502. The ana- 
lysis accounts for the reduction in walking speeds of the occupants due to decreased 
visibility. This results in higher than expected evacuation times. Visibility in the tunnel 
starts improving towards the end of the simulation due to the decay in FHRR (refer 
to Figure 1). 

Figure 5 compares the transient temperature contours for the ICEB and BEB fire. 
Results show temperature ranges from 30°C to 40°C for the most part, however, reaches 
closer to 50°C or higher towards the south portal (entrance). NFPA 502 states that the 
maximum exposure time without incapacitation to 50°C is 18.8 minutes. Since the max- 
imum egress times are not substantially larger longer than 18.8 minutes and the calcu- 
lated heat FED due to thermal exposure were found to be under the limit, it can be 
concluded that the resulting gas temperatures do not pose a substantial risk for incapaci- 
tation for the evacuating occupants. However, prolonged exposure to higher temperat- 
ures can be dangerous and lead to hyperthermia (NFPA 502 2023). 

The AST in FDS was recorded at points with 0.4 m spacing along the surface of the 
tunnel ceiling and wall near the vicinity of the fire bus. Results were then averaged 
over a 5 second period. Figure 6 compares the tunnel ceiling and wall temperatures 
between the ICEB and BEB fire as well as provides a comparison between the tunnel 
ceiling and wall temperatures from the BEB fire scenario, which was exposed to the 
higher adiabatic surface temperatures, with the standard fire curves. Comparison shows 
that the thermal exposure in terms of AST is higher with a BEB fire especially on the 
tunnel ceiling structure. On the tunnel walls, the thermal exposure is of a similar mag- 
nitude for both ICEB and BEB fires. Comparing with the standard fire curves, the 
temperatures that the tunnel ceiling was exposed to from the BEB fire were recorded 
to be higher than the ASTM E119 and ISO 834 standard fire curves for a period 
longer than 10 minutes. 


4 MECHANICAL VENTILATION 
Table 2 provides a summary of the toxicity analysis, and the 20 evacuation runs. Results 
show occupants take longer time to exit the tunnel in the BEB fire scenario. In terms of 


FED, the maximum for both ICEB and BEB fires were found to be under the 0.3 
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ICEB fire: Visibility versus time (natural ventilation) BEB fire: Visibility versus time (natural ventilation) 
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Figure 4. ICEB and BEB fire results showing transient contours for visibility (in m) 2.4 m above the 
ground. 
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Figure 5. ICEB and BEB fire results showing transient contours for temperature (in °C) 2.4 m above 
the ground. 
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Figure 6. Tunnel ceiling and wall temperatures comparison between ICEB and BEB fire (left), and 
tunnel ceiling and wall temperatures from BEB fire compared with standard fire curves (right). 


design limit. Maximum FIC for both cases were found to be under the limit with BEB 
fire having slightly higher value (0.18) compared to the ICEB fire (0.16). Compared to 
the natural ventilation cases (refer to Section 3), mechanical ventilation shows favorable 
results as expected. 
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Table 2. Maximum FED and FIC results from 20 evacuation runs 
for mechanical ventilation. 


Parameters ICEB BEB 
Average egress time 9 min 42 sec 10 min 49 sec 
Maximum egress time 11 min 29 sec 11 min 48 sec 
Maximum FED 0.0038 0.0047 
Maximum heat FED 0.013 0.013 
Maximum FIC 0.16 0.18 


Figure 7 compares the transient visibility contours for ICEB and BEB fires. Results show 
tenable environment in terms of visibility. Upon the activation of the jet fans, the backlayering 
from the smoke was controlled effectively during both ICEB and BEB fires. Figure 8 com- 
pares the transient temperature contours for the ICEB and BEB fire. Results show temperat- 
ures remain under 30°C mostly in the tunnel. Figure 9 compares the tunnel ceiling and wall 
temperatures between the ICEB and BEB fire as well as provides a comparison between the 
tunnel ceiling and wall temperatures from the BEB fire scenario with the standard fire curves. 
Comparison shows that the thermal exposure in terms of AST is higher with a BEB fire espe- 
cially on the tunnel ceiling structure. However, the temperature magnitudes are overall lower 
due the operation of jet fans that constantly pushes the air downstream of the fire, thereby 
reducing the convective heat transfer to the structural walls. 
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Figure 7. ICEB and BEB fire results showing transient contours for visibility (in m) 2.4 m above the 
ground. 
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Figure 8. ICEB and BEB fire results showing transient contours for temperature (in °C) 2.4 m above 
the ground. 


3286 


ICEB, Tunnel Ceiling 4 
BEB, Tunnel Ceiling 1200 Z BEB, Tunnel Ceiling 


Mitt a kis ICEB, Tunnel Wall e BEB, Tunnel Wall 
1 lyy a 

ME ELORE NAER —— BEB, Tunnel Wall TEA, / =P ASTM E119 

À HH F x / RWS 

te dt- ISO 834 

pel Wi "T R taf 


aridin 


) 
à 


ure (°C 


600 } 


Temperature (°C) 


Temperat 


C AAAA rng, 
a ny, 


s 
A AAAA AA ly 


o 200 400 600 300 1000 1200 1400 1600 1800 0 200 400 600 s00 1000 1200 1400 1600 1800 


Time (s) Time (3) 


Figure 9. Tunnel ceiling and wall temperatures comparison between ICEB and BEB fire (left), and 
tunnel ceiling and wall temperatures from BEB fire compared with standard fire curves (right). 


5 CONCLUSION 


This study focused on identifying the key fire-life safety issues associated with the burn- 
ing of a BEB in a short tunnel. One of the goals of this study was to investigate whether 
BEB fire can cause conditions in a tunnel to be more harmful. Experimental data show 
that a BEV fire results in higher product yields of the toxicants than an ICEV fire and 
that the products released are for the most part the same due to similar materials used 
to manufacture the vehicles. Based on this, it could be assumed that a BEB fire would 
likely also produce higher yields of the toxicants. Comparing the ICEB and BEB fire 
from this analysis, results suggest slightly higher levels of toxicants from the BEB fire 
which leads to more time needed for the occupants to evacuate. This could be considered 
troublesome for some vulnerable evacuees. 

Overall, the analysis shows that the increase in the toxicity resulting from the BEB fire is 
not significantly larger than the ICEB fire. However, full-scale fire testing of a BEB and fur- 
ther research would be required to provide a definite conclusion. Evacuation results of the 
analysis showed that conditions become untenable during a bus fire in a short tunnel such as 
the one modeled in this study, without any mechanical ventilation system. Mechanical ventila- 
tion using jet fans controlled backlayering effectively and allowed for a tenable egress environ- 
ment for the occupants. Without any mechanical ventilation system, results of the analysis 
show that some occupants may experience higher levels of toxicity. 

The extent of the thermal exposure to the concrete tunnel ceiling and walls measured in this 
study using AST showed that the tunnel ceiling may be exposed to significantly higher temper- 
atures compared to the tunnel side walls. This becomes a concern especially in the case of 
a BEB fire originating from the battery pack on the roof. Results show temperatures higher 
than the ASTM E119 and ISO 834 curves for a period of longer than 10 minutes on the tunnel 
ceiling for the BEB fire with natural ventilation. It should be noted that this thermal exposure 
reflects the tunnel configuration modeled in this study and may differ for different tunnel lay- 
outs. Results of this study reflects the need for some mechanical ventilation system for a bus 
sized fire such as that for a BEB to allow for tenable conditions during egress for the occu- 
pants. Based on current data and the results of this study, it can be seen the fire-life safety 
outcomes for a BEB fire and ICEB fire was for practical purposes, not substantial. However, 
this study does not account for re-ignition of the BEB nor any sudden explosion that could 
result from a thermal runway reaction on BEB, which could make conditions worse. 

A water-based fixed firefighting system may help control the fire from a BEB even during 
re-ignition as well as help with reducing the thermal exposure on the tunnel structure. Due to 
the possibility of thermal runaway and risk of re-ignition, a BEB fire has the potential to 
affect the operational procedures and post-incident recovery which should be considered with 
the increasing number of operational BEBs on roadways. The key for the existing and newer 
road tunnels would be to conduct holistic fire-life safety assessments factoring in the egress, 
ventilation, firefighting, structural design and operations. 
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ABSTRACT: Expansive soils in the geological strata around tunnels can threaten their stability 
severely. The high shrink-swell ability of these soils significantly impacts the tunnel’s long-term 
operation. The location of the expansive layer plays a crucial role in adjudicating the consequent 
response of the tunnel to additional swelling pressure. This study evaluates time-dependent 
response to stresses due to expansive soil’s specific location around the tunnel through model 
tests. The lab-prepared expansive soil sample was placed at the crown, shoulder, wall, and invert 
sections of the reduced-scale tunnel model and saturated to evaluate the tunnel response to swell- 
ing pressure in the context of time. The results projected a significant rise in pressure at different 
tunnel sections with time, implying long-term stability problems associated with the location of 
expansive layers in geological repositories. The movement of the surrounding ground was further 
evaluated through particle image velocimetry (PIV). The results suggest a strong relationship 
between expansive soil location, tunnel stability, and alterations in surrounding ground move- 
ments. Furthermore, the tunnel’s ground displacements decreased with the expansive soil’s depth. 
Therefore, the location of expansive soil around the tunnel can seriously impact the sustainability 
of the tunnel by influencing a specific section of the tunnel in direct contact with expansive strata 
and can cause the surrounding ground to deteriorate simultaneously. 


1 INTRODUCTION 


Rapid urbanization has encouraged the utilization of underground areas for transportation ser- 
vices, especially in densely populated urban centers. Tunnels are constructed to fulfill these 
requirements plentifully. Tunnels also fulfill other urban requirements like water delivery and 
transmission lines (Zheng and Diao, 2015). The performance of the existing tunnels depends on 
the geology (Selmer-Olsen et al., 1989). Their long-term stability is associated with several fac- 
tors, including the chemical composition, induction of additional stresses, and disjointedness or 
fault planes in the rocks (Lin et al., 2019). The chemical composition can specifically come into 
play if it composes of expansive soil. This swelling is triggered by rainwater penetration in voids 
or water table fluctuations. The rapid utilization of underground space for construction (exca- 
vation, blasting, and tunnel boring machines) changes the geology of the strata laid for thou- 
sands of years and helps in ground deterioration during construction. Consequently, the natural 
geological setting is disturbed, and voids or fractures in rocks occur, helping rainwater penetrate 
to the expansive layers below or groundwater fluctuations inducing swelling (Lin et al., 2019). 
Water flowing through these voids also induces disjointedness in the rock strata. Apart from 
rock erosion and weathering, the water interacts with expansive minerals and causes them to 
expand. This expansion can seriously intimidate the tunnel structure and deteriorate the sur- 
rounding ground simultaneously based on its locality (Wang et al., 2021). The relationship 
between water and expansive soil interaction is a rather complex process to comprehend as it 


DOI: 10.1201/9781003348030-398 


3289 


involves time-dependent spatial variations in the micro-structure of the rock strata. Also, the 
transformation of rock from an unsaturated condition to a saturated state can impose heteroge- 
neous stress on tunnels based on the location of expansive soil in rocks (Zou et al., 2019). The 
magnitude of additional expansive stress on the tunnel can amplify as time goes on and may 
cause severe deterioration of the tunnel structure. Consequently, it may lead to long-term stabil- 
ity issues or even tunnel failure. The expansive soil role is adjudicated by its behavior under- 
water interaction, type of expansive mineral, swelling ratio, density, surrounding non-expansive 
strata, etc. (Estabragh et al., 2013). 

Another key contribution of expansive soil presence is the deterioration in the surrounding 
ground around the tunnels, which adds to the pressure on the tunnels. The failure of the surround- 
ing ground to harm the tunnel stability has been studied through laboratory experimentation, 
theory, numerical solutions, etc. the combination of stress changing with water intrusion is compre- 
hended (Wang et al., 2021). Similarly, several small-scale experiments have been conducted to evalu- 
ate the surrounding rock weathering and consequent tunnel resistance to external compressive 
forces (Kim et al., 2007). Seki et al. (2008) conducted an experimental investigation to comprehend 
the stress-strain softening under different loading patterns using trial mixed material and hydraulic 
press pressure on the tunnel in a reduced-scale model. The stress distribution and surrounding 
ground deteriorations were comprehended by an analytical solution proposed by Yu et al. (2020) to 
understand the water availability and consequent softening of the surrounding rocks around tunnels 
constructed in soft strata. Zhang, Gao, and Yin (2019) investigated the erosion around shield 
tunnels due to water seepage utilizing discrete element analysis and the theory of fluid mechanics. 
Tang and Tang (2012) studied the floor heave of the tunnel constructed in swelling rock strata 
through a numerical model based on the humidity diffusion process. The swelling of expansive 
rocks and consequent stress-redistribution on tunnel structure was evaluated by coupling the humid- 
ity and corresponding mechanical changes in soil strata. The study concluded that the deformations 
of the tunnel floor are more than the deformations of the tunnel walls. The time-dependent heave of 
the tunnel floor under humid conditions was numerically simulated. 

Several studies have evaluated the time-dependent tunnel stability constructed in expansive 
strata. However, limited experimental-based research has been carried out to evaluate how the 
location of expansive soil will impact the tunnel and how the consequent changes in the sur- 
rounding ground will occur. In this research, reduced-scale model laboratory testing (1:100) 
was carried out using a steel tunnel model with pressure gauges installed at different tunnel 
sections. The particle size scaling was not considered as it could influence the other parameters 
and would be reduced to a very small size like clay particles, and the testing time will signifi- 
cantly be increased or to very large particles. An expansive soil sample was placed at various 
sections of the tunnel and saturated to evaluate the corresponding pressure variation on the 
different sections of the tunnel. The surrounding ground was prepared by Silica sand No. 6 
(designated in Japan). The swelling stress on full-scale tunnels depends on the permeability of 
expansive soil and seepage length. When assuming the permeability scale, the time and pres- 
sure relationship can explain the similarity for field tunnels (scaled up to 1:100 in this study). 
However, the permeability of the expansive material used in this experiment is smaller than it 
is in the real field. Moreover, the scale effect for unsaturated conditions will be complex, and 
the time scale can not be precisely evaluated in this experiment. For this issue, it is required 
constitutive models for further research in this field. The surrounding ground displacements 
were evaluated by performing image analysis through particle image velocimetry (PIV). 


2 OUTLINE OF THE MODEL TEST 


2.1 Expansive soil sample and testing 


The expansive soil sample prepared for this model test study was a mixture of bentonite and 
Toyoura sand at a mix ratio of 25 to 75% by weight. The swelling of this sample involved the 
elastoplastic behavior and strain softening simultaneously, which slowly propagates toward 
the tunnel structure. The prime factor of concern is the volume change of the sample upon 
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saturation which induces additional stress on the tunnel and the surrounding ground deterior- 
ations. Swelling of such rocks is generally associated with moisture content alterations and 
wetting of specific minerals in surrounding rocks of tunnels like smectites and montmorillonite 
(Pimentel, 2015). The swelling ratio and consequent swelling pressure of this sample were 
found through oedometer testing under free-swelling conditions following the procedure as 
reported in the literature (Cui et al., 2013). 


2.2 Model test assembly 


The model tests were conducted in a specifically designed steel chamber of 600mm in length 
and height with a depth of 200mm. A flat-invert horse-shoe tunnel model was designed to 
equal the depth of the chamber, having a width of 100mm and a height of 80mm. The invert 
section was made flat for simplicity and for the ease of installation of delicate pressure gauges. 
The tunnel was equipped with specially designed pressure measurement gauges having the 
capacity to measure pressure underwater at different locations designated as the crown(C), 
shoulder(S), spring-line (S1), wall(W), and invert(I). The chamber had a back ring hole for 
tightening the tunnel in its positions and an outlet for the gauges to be connected to the data 
logger to record pressure continuously with time. Two water inlets were provided at the 
bottom of the soil chamber to saturate the assembly. A 20mm thick expansive soil layer was 
placed around the tunnel with varying locations to comprehend the time-dependent impacts 
of the expansive soil on tunnels based on the location of expansive strata. The rest of the sur- 
rounding ground was prepared by Silica sand No. 6 at 80% of its relative density. The over- 
burden height above the tunnel was maintained at three times the diameter (3D) of the tunnel 
making it a deep mountainous tunnel. The model test was conducted by placing the expansive 
soil at the invert of the tunnel and designated as S6-B for this study. Similarly, for consequent 
tests, the location of the expansive soil was varied and placed at the top of the tunnel (S6-T), 
Shoulder (S6-S), and wall section of the tunnel (S6-W). The term ‘S6’ designates the surround- 
ing ground being sand No. 6. Figure | represents the model test assembly and location of the 
pressure measuring gauges in the tunnel lining. 


Data 
logger Water tank 
600 mm E 


nden 


| 
a Overburden Pressure | 
r 


Expansion j 


a) b) 600 mm c) 


Figure 1. Experimental setup a) Model test chamber, b) schematic diagram, and c) location of gauges. 


The soil sample density was reduced to ensure that the dumping efforts would not hamper 
the gauges to record additional pressure due to force being applied on the soil. The expansive 
soil sample was discontinued for 50mm on the extreme edges to allow water intrusion quicker 
as it helped in saturation of the expansive soil at a rapid pace from both the top and bottom 
sides. The water height was maintained at 1D from the top of the tunnel crown. The surround- 
ing soil was placed in layers to ensure consistent density. After completing the assembly and 
expansive soil layer at its respective position around the tunnel, water was entered from the 
bottom inlets. The ground movements upon water interaction of expansive soils were moni- 
tored through interval images taken from the glass front of the model and analyzed through 
image analysis using the commercial software FLOWNIZER 2D. As recently, the reputation 
of PIV analysis has been emphasized by many studies in the field of geotechnical engineering 
(Yuan et al., 2017, 2020). The testing scenarios for this study are enlisted in Table 1. 
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Table 1. Experimental Conditions. 


Representation Expansive soil location 


S6-T Crown 
S6-S Shoulder 
S6-W Wall 
S6-B Invert 


3 RESPONSE OF THE TUNNEL LINING TO EXPANSIVE SOIL LOCATION 


3.1 Expansive soil above tunnel crown (S6-T) 


According to the experimental scenarios explained earlier, Figure 2 represents the expansive 
soil impacts on the tunnel gauges for the model test S6-T. The pressure recorded during soil 
placement was simple overburden pressure of the surrounding ground soil layers placed above 
the crown of the tunnel, including the expansive soil layer right over the crown. The pressure 
reflected on the invert section was of the order of 5 kPa and was the same for the shoulder 
and spring-line sections. The wall gauges reflected a slightly reduced pressure of 3.5 kPa, 
being normal for the load. The crown gauge represented an initial pressure of 4.52 kPa before 
the water intrusion in the model. The data logger was monitored for any significant changes 
in this pressure; however, upon maintaining a state of equilibrium, water was inserted from 
the bottom inlets signifying the start of saturation. 
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Figure 2. Time-dependent pressure variation for S6-T. 
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Figure 3. Degree of saturation of the expansive soil layer. 


As the water interacted with expansive soil, a significant rise in the pressure, particu- 
larly on the crown gauge, was observed. Meanwhile, the gauges on the shoulder, spring- 
line, and wall sections also responded to the additional stress induced by the swelling 
soil above the crown at a reduced magnitude. The pressure on the crown gauge rose 
very quickly in the beginning. It was followed by a relatively steady pressure where 
strains on the tunnel structure would keep rising however pressure remained constant. 
However, the pressure started to rise again on the crown gauge after a certain period. 
This reflected that upon water interaction, the expansive soil, having undergone the pri- 
mary swelling, has now entered the secondary swelling, which is relatively slow and 
purely a time-dependent phenomenon. The pressure on the tunnel started to rise again, 
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however, at a reduced pace as compared to the initial rising state. Finally, the pressure 
on almost all the gauges reached a state of equilibrium where no significant change in 
the pressure was observed. It was concluded that expansive soil had reached its potential 
of swelling, and the maximum pressure had already been applied on the tunnel due to 
expansive soil being placed at the crown section of the tunnel. 

The crown faced 32.55 kPa of final pressure with expansive soil over it. The shoulder section 
pressure rose to 17.73 kPa. Similarly, spring-line and wall gauges responded by 24.28 and 19.44 
kPa, respectively, for the same test. As compared to free swell pressure, only 20.12% pressure was 
recorded. The reason is the location itself. As the soil saturation went on, most of the expansive 
pressure was absorbed/dissipated by the overburdened soil above the tunnel crown. Also, the 
degree of saturation of the expansive soil was slightly reduced right above the crown. Conse- 
quently, Figure 3 was drawn to evaluate the degree of saturation of the expansive soil for all the 
testing scenarios at the completion of the model tests. However, this pressure rise is about seven 
times the initial overburden pressure and can significantly damage the tunnel structure. 

The pressure observed in the initial stage was followed by a noteworthy pressure rise in 
later stages. The results reflected that during the life span of tunnels, they might be undergoing 
a state where the structure stability would have taken the initial swelling and might look per- 
fectly good. Yet, the re-rise of pressure is to be experienced by the structure and might cause 
serious stability problems in the longer run. 


3.2 Expansive soil around tunnel shoulder (S6-S) 


On similar lines, the expansive soil layer was placed around the shoulder section of the tunnel 
and saturated to evaluate the consequent impacts on the tunnel. Figure 4 represents the time- 
dependent pressure variation for this test. Upon the completion of the surrounding soil layers 
above the tunnel, a comparable overburden pressure was reflected on the gauges as for S6-T. 
However, as the saturation began, the shoulder gauges on both sides of the tunnel responded to 
a sudden rise in pressure. The earlier explained initial rise of pressure was almost identical for 
this case, however, acting on shoulder gauges. Interestingly, having reached a peak pressure 
value upon expansion, the pressure reduced on shoulder gauges. However, the pressure shifted 
on spring-line gauges later in the experiment. 

The invert section faced 4 kPa of final pressure with expansive soil around the shoulders. The 
shoulder section pressure initially rose to 18 and 15 kPa and ended around 11 kPa because the 
pressure slid down towards spring-line sections. Similarly, spring-line and wall gauges responded 
by 14 and 5 kPa, respectively, for the same test. As compared to free swell pressure, only 9.2% 
final pressure was recorded. The reason is the location itself. As the soil saturation went on, 
most of the expansive pressure was absorbed/dissipated by the overburdened soil near the 
tunnel shoulders. However, this pressure rise was twice the initial overburden pressure and can 
significantly damage the tunnel structure. Expansive rock presence around the centroid of the 
tunnel affected almost all the sections, including the shoulder, at the initial stages of the test. 


3.3 Expansive soil around tunnel walls (S6-W) 


Following the testing scenarios, as the expansive soil layer was placed around the wall sections 
of the tunnel on both sides, the time-dependent pressure variation for S6-W is represented in 
Figure 5. The expansive soil being in contact with the perpendicular section of the tunnel imme- 
diately impacted the wall section. The rest of the gauges presented pressure more or less the 
same as the overburden pressure throughout the test, as the expansive layer was discontinued 
for the tunnel structure itself. The pressure rise on wall gauges was prominent in the initial 
stages of the experiment as the expansive layer was undergoing the process of saturation. As the 
soil approached saturation, the rise in pressure on wall gauges subsided and attained a state of 
equilibrium where no more rise was seen for a long enough time. At the completion of the test, 
the invert, crown, shoulder, and spring-line gauges represented the total pressure comparable to 
the initial overburden pressure. However, the wall gauges on the tunnel’s left and right sides 
represented a significant rise of total pressure to 51 and 53 kPa, respectively. This signifies the 
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impacts of expansive soils on underground structures, with the expansive layer squeezing the 
tunnel at the wall section based on their location. This pressure was 33% of the free swell pres- 
sure recorded in free swell tests. Yet, it was ten times the overburdened pressure. 
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Figure 5. Time-dependent pressure variation for S6-W. 
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Figure 7. Influence of the location of expansive soil on tunnel. 


3.4 Expansive soil under the tunnel heave (S6-B) 


In the next test, the expansive soil was placed below the tunnel invert to comprehend the 
impact of expansive soil under the tunnel. Figure 6 represents the pressure variation for the 
S6-B case. Consequently, the edge invert gauges reflected 74.8 kPa of pressure at completion, 
the highest expansive pressure recorded for these tests. The invert center gauge reflected 28.5 
kPa of pressure at completion. Interestingly, the impact of the expansion was taken to the 
wall sections of the tunnel; however, at a delayed span, the wall section faced 17 kPa during 
the undergoing saturation of expansive soil. Around 46.25% of the free swell pressure was 
recorded on the tunnel invert section. Also, the rate of swelling got much higher for this case 
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in the initial hours, and almost 82% of the swelling pressure was already recorded on bottom 
gauges within 50 hours of the test. The expansive soil right under the tunnel invert could not 
be saturated to its full extent as it was locked in between the tunnel and the ground beneath 
the expansive soil under the tunnel model. 

The expansive soil sample was carefully taken out at the end of the test, being a cake, and 
was divided into different sections to determine the percentage water content to find the degree 
of saturation for all the cases. Figure 7 draws the comparison of all these cases and represents 
how the expansive soil location can significantly impact the tunnel structure with the passage of 
time and the ongoing saturation process. It was found that as the depth of the expansive soil 
increased around the tunnel structure, the impacts of expansion got higher on the tunnel struc- 
ture, and more pressure was expected to act on the tunnel heave and wall sections. 


3.5 Response of the surrounding ground upon expansion 


The ground movements upon expansion of the expansive soil during the model tests were evalu- 
ated through PIV analysis. As the swelling occurred, the ground responded to the upward push. 
Figure 8 represents the vectors of the nodes as well as the contours of the surrounding ground 
movement above the expansive soil layer at the completion of the tests based on the location of 
the expansive soil. Contrary to expansive pressure on the tunnel, the magnitude of the displace- 
ment ceased as the depth of the expansive soil was increased. Magnified displacements were 
observed for S6-T and S6-S cases as the overburden pressure reduced and the upward push of the 
expansive soil was not restrained by the fixity of the tunnel in its location. The magnitude of the 
displacement was maximum right above the expansive layer. The displacement trends were differ- 
ent for different cases. In the case of S6-T, the ground above the crown moved nearly homoge- 
nously in response to the expansion of the expansive layer. The magnitude of displacement above 
the crown was of the order of 3.28mm, which ceased as the distance from the layer increased. For 
S6-S, the displacement above the crown was magnified, as represented in Figure 8, owing to the 
displacement vectors slightly adding to the upward push inclined right above the crown. The dis- 
placement above the expansive layer was 2.97mm. Regarding S6-W, the magnitude of the dis- 
placement above the expansive soil layer was 1.01mm. The area above the tunnel represented no 
significant displacement as the expansive layer was discontinued within the tunnel structure. Simi- 
larly, at the completion of the S6-B model test, the displacement of the order of 0.97mm occurred 
above the expansive soil. The analysis reflected that the movement of the surrounding ground is 
curtailed above the tunnel as the structure is fixed in its location. The swelling pressure is curtailed 
as compared to free-swell pressure for a few reasons, like the difference in boundary conditions 
and reduced degrees of saturation. However, it justified that the location of the expansive soil sur- 
rounding the geological repositories around tunnels can impose additional expansive pressure on 
them and bring about deterioration in the surrounding non-expansive strata. 


Dis(mm) 
4.0 
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Figure 8. Displacement of the surrounding ground upon saturation of expansive soil. 
4 CONCLUSIONS 


The time-dependent impact of expansive soil location on the tunnel was studied by reduced- 
scale model testing. The key outcomes of this study are enlisted below: 
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(1) The presence of expansive soil around tunnels poses additional pressure upon water contact. 

(2) The expansive soil location, specifically at the heave of the tunnel, significantly force the 
tunnel floor upon expansion. An additional pressure of about 19 times the overburden was 
evaluated. 

(3) As the location of expansive soil varies around the tunnel and is saturated, corresponding 
sections of the tunnel respond with intense pressure increments. Crown, shoulder, and 
wall sections reflected additional pressures when expansive soil was around them. 

(4) Swelling of expansive soil around the tunnels causes deterioration in the surrounding 
ground too. This can add up to the long-term stability issues of the tunnels. 
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ABSTRACT: Nowadays, the number of tunnel accidents have been decreasing yeah by year 
and some advanced technologies such as AI and/or ICT devices are getting to be introduced 
into tunnel construction site. It might be true in near future that safety of tunnel worker is sup- 
ported by such technology. In fact, we are now developing a “tunnel face monitoring supportive 
system” that helps crack identification on tunnel surface using a camera with AI. However, on 
the hand, safety at many tunnel worksites is still depending on workers attentiveness in the pre- 
sent circumstance. The work on the face of tunnels is carried out efficiently by a small number 
of sophisticated workers in Japan. In addition, it is no exaggeration to say that safety is also 
supported by their efforts. Behavior of workers at tunnel construction site are required multiple 
work at the same time, for example excavation of tunnel face, operate heavy machines, drill 
holes for blasting and monitor tunnel face for finding sediment collapse as soon as possible. 
Establishment of the effective “tunnel face monitoring supportive system” needs behavior ana- 
lyses of tunnel workers and machines at tunnel face. Therefore, we analyzed and visualized their 
behavior using behavior-based safety procedure. As the results, we found that almost of all 
behaviors between workers and machines have not had time overlap. Based on these results, we 
are planning to continue developing the system that more effectively support the safety manage- 
ment of workers at the tunnel faces. 


1 INTRODUCTION 


According to recent some lists of Statistical Surveys conducted by the Ministry of Health, 
Labour and Welfare in Japan, accidents at tunnel construction sites have rapidly decreased 
because of the development of the construction technology and/or the promotion of construc- 
tions using machines. In the past, the fatalities in tunnel construction industry as well as all 
construction industry were more than 50 until the sprayed concrete method was applied in 
Japan in 1978. Afterwards, the number of fatalities at tunnel construction sites was reduced to 
10-20 (Kikkawa et al., 2015). Though technology is developed and contributes the decrease of 
accidents, safety at a lot of scenes in tunnel construction sites are still depending on worker’s 
attentiveness. Because of the reason, accidents have not been completely eradicated and it can 
be said that measures for safety of tunnel workers is still vulnerable. 

Japanese tunneling techniques including worker’s skill induced by tunnel workers are highly 
organized and works of tunneling are precisely divided by the workers. Tunneling is usually 
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constructed by several (approximately 6-8) tunnel workers at faces of the tunnel in Japan, which 
is much less in numbers as compared to that of other countries. Tunnel workers in Japan are 
multi-skilled workers and work styles are totally sophisticated. They avoid risks with their rich 
experience and careful analysis against external environmental changes. For example, if an 
erector is operated at the front of the tunnel, workers never stay straight below the baskets or 
arms of the elector. They are doing such avoidance without any eye contact nor voice communi- 
cation. It might be important and useful to analyze behavioral pattern of workers and machine 
simultaneously, and to identify some risk points or high-risk work for increasing safety behavior 
and decreasing unsafe behavior. 

Behavior analysis, a branch of psychology, is a useful procedure for analyzing the behavior of 
humans and machines. Within behavior analysis, there is a research area called Behavior-based 
safety (BBS). BBS involves the application of behaviour-analytic intervention strategies for 
workplace safety. BBS measurement takes place in a setting allowing for observation of safe/ 
unsafe behavior of both human and machines in an active, observable, measurable and reliable 
manner. Where adequate steps are taken, reliable data concerning the behaviour of workers and 
machines can be used as the basis for scientifically sound interventions. 

In the present study, for detection of dangerous points and works at shoring erection in 
tunnel construction site, we analyzed the tunnel construction work using the task analysis pro- 
cedure of BBS. In addition, we believe that our approach, behavioral analysis of workers, 
machines and both, is the first step in building basic data and basic methodology for smart 
tunnels using ICT devices. 


2 MATERIALS AND METHODS 


As the first step in the present study, we acquired 3 video recording footages of shoring erec- 
tions from a tunnel construction site in Japan (Figures 1-1, 2 and 3). The shoring erection 
work and the beginning and the end of the work in each footage were identified by agreements 
of two experimenters. A few (2-3) target works were extracted among three footages each. 
Then representative scene of each target work was pictured and saved. 


Figure 1. Shoring erections at a tunnel construction sites in Japan. Recorded 1) Ist July, 2) 15th July 
and 3) 4th August, 2021. 


3298 


Then the worksite of each picture was divided into 32 blocks as work zones (see Figure 2 as 
an example). The breakdown of the 32 divisions is as follows; 


1) Horizontal divisions: The ground level is indicated by G in Figure 2 (double red and yellow 
broken lines), the horizontal direction to upper area of the tunnel is indicated by the red 
broken lines. At this tunnel site, the mini bench cut construction method was introduced in 
which used a bulldozer or the like to carve the slope of the bedrock so that it becomes 
stepped. In the present analysis, the border of the auxiliary bench and the upper face of the 
tunnel construction was set as level 0. The distance from 0 to the top of the tunnel was 
divided into four equal parts, and each was divided into a, b, c and d from the bottom of 
the auxiliary bench. 

2) The wall of the auxiliary bench: The wall of bottom part of the auxiliary bench was set as @*. 

3) Front split: Distance from the face of the tunnel toward the tunnel entrance was indi- 
cated yellow broken lines. Front distance from level 0 to the rear end of the erector 
was set as ©*. ©* is the point closer to the tunnel entrance than ©*. In most cases, 
the tunnel workers came to ©* area when the construction process is completed or 
settled down. 

4) Vertical divisions: Width of the tunnel was divided vertically into 4 parts (each represented 
by a light blue dashed line). Facing the tunnel, the distance from the left end to the erector 
was set as 1, the width of the erector was 2, the space from the right end of the erector 
width to the heavy equipment at the right end of the tunnel was indicated 3, and the left 
end of the heavy equipment to the right end of the tunnel was set as 4. The reason why the 
task zones were divided according to the width of the heavy machinery was that the risk 
would increase if the tunnel construction workers go into behind of the heavy machinery. 
At the tunnel construction site in the present study, there were seven people in total work- 
ing the face of the tunnel, six tunnel workers and one erecter operator. The analysis was 
carried out by identifying the locations of the seven workers and the heavy machine around 
the tunnel workers along the time from the start of the erection of the shoring setting as 
0:00 until the end of the erection work (Figure 2). Focus of the analysis was to identify 
approaching time and area and time of worker and machine as risk points. 
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Figure 2. An example of the 32 divisions of a shoring erection. 
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Table 1. Analysis of 7 workers and two machines in the tunnel construction site. 
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3 RESULTS AND DISCUSSIONS 


In the results of the present analysis, 7 tunnel construction workers and machines under the 
shoring erection work. In the analysis, it was focused on the risks of contact accident between 
human and machine. 

Table 1 shows an example of behavior analysis of tunnel workers and machines in the 
tunnel construction site. The time is listed on the far left of Table 1. In most cases, one cycle 
of erecting the shoring at this tunnel construction site was around 11-12 minutes. 1-7 in the 
upper part of the table shows the ID of the worker, and under the erector, the left and right 
arms and the basket that the worker rides in are shown. In addition to these, ready-mixed 
concrete trucks visited the erection work at this time. The two cells below each worker and 
machine are horizontal position information on the left (see H on the first column in Table 1) 
and vertical position information on the right (V on the top column). 

The RB described in below of the worker ID3 indicates that worker 3 got into the right 
basket of the erector. Similarly, worker ID5 means he has boarded the LB, the left basket. In 
the analysis, temporal overlaps, where humans and machines existed in the same time (means 
that two colored cells were shown in the same column), were extracted as temporary risk 
points in the lines of temporal overlap (see the line of temporal overlap). In the line of results, 
it was judged that each of the temporary risk points was happened human and human, human 
and machine, or machine and machine considering the distance in between. In the line of 
results, each temporary risk point was judged whether no problem (NP, colored green), safe 
distance (orange), and unsafe (red). The judgement was accomplished by considering whether 
it was happened between human and human, human and machine, or machine and machine, 
and also considering of the distance in between. 

Surprisingly there were not so many temporal overlaps in the worksite. It was suggested 
that this analysis proved the high level of attention paid to safety by tunnel workers. It was 
the first challenge to analyze interaction and behaviors of the tunnel workers and machines. 
We are planning to accumulate the data of the analysis for apply to AI database which dis- 
cover the risk points during the shoring construction task. 
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ABSTRACT: The Musaimeer Pumping Station and Outfall (MPSO) is a successfully com- 
pleted 10km-long and 3.7m-ID outfall tunnel. MPSO is a part of a bigger system comprising 
a pumping station, an offshore riser shaft and an 84-port diffuser field. This system will drain 
storm and groundwater from southern Doha, Qatar, at a peak flow rate of 19.7m/s. The 
authors present how the geotechnical risks during tunnelling were identified, managed, and 
mitigated based on cross-correlation of the results from the client’s extensive offshore geotech- 
nical investigations in weak/soft rock mass, the contractor’s Seismic Reflection (SR) survey 
and Electrical Resistivity Tomography (ERT) survey as well as the Bore-tunnelling Electrical 
Ahead Monitoring (BEAM) System used during tunnelling. Good and continuous correlation 
was observed between the different types of geotechnical investigations, which significantly 
reduced the risks during outfall tunnelling and allowed for consistent, safe, and uninterrupted 
operations along the whole alignment. The authors have also compared the laboratory test 
results obtained from the borings performed during the first ground investigation phase of 
MPSO with the ones collected for the upstream connecting tunnel completed in 2017 to 
expand a database for weak rocks common to the Doha area. 


1 INTRODUCTION 


To successfully deliver any tunnel project, and especially an outfall tunnel, it is crucial to 
properly identify, manage and mitigate the geotechnical risks during tunnelling. The Public 
Works Authority (PWA) of the State of Qatar, or ASHGHAL, successfully completed the 
construction of the Musaimeer Pumping Station and Outfall (MPSO) Project in 2022, which 
includes a 10.2km-long marine tunnel outfall. The authors will present how the geotechnical 
risks were assessed based on ground investigations and surveys during three phases of the pro- 
ject. The need for cross-correlation between all the platforms to adapt and optimise the tun- 
nelling progress for consistent, safe, and uninterrupted operations along the whole alignment. 

The authors will also compare the laboratory test results obtained from the borings per- 
formed during the first ground investigation phase of MPSO with the ones collected for the 
upstream connecting tunnel completed in 2017 Abu Hamour Tunnel (ASHO) to expand 
a database for weak rocks which are commonly encountered in the Doha area. 


2 OVERVIEW OF THE PROJECT 


The MPSO Project is the second phase of the Musaimeer Surface and Storm Water Drainage 
Tunnel Project, or Abu Hamour Tunnel (AHSO), successfully completed in 2017 by PWA. 
MPSO is an integral part of a much-needed storm water drainage network for the greater 
Doha area. Both tunnel structures and the pumping station were operated together for the 
first time in 2022 effectively discharging storm water to the Gulf. 
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The Owner (or Employer), the PWA, is the designated Engineer, who is represented by the 
Engineer’s Representative Mott MacDonald (MM). MM provided construction supervision ser- 
vices in the form of site management and engineering review of all designs completed by the 
Contractor’s team. The design-build-operate-maintain contract was awarded in November 2017 
to the Hamad Bin Khalid (HBK) Contracting Company and PORR Qatar Joint Venture 
(HBK-PORR JV) and took five years to construct. MM design team provided engineering 
design review, verification and approval services for all the design produced by the Contractor’s 
team (HBK-PORR JV). The three-year operate-maintain phase commenced in 2022. 

The MPSO project area is located nearshore in the southwestern area of Doha, in-between 
the Ras Abu Fontas Desalination Plant and Hamad International Airport (Figure 1). This 
system will accommodate surface and storm water received from the drainage networks of 
a 270 km? large urban area. The MPSO project was completed in 2022 and comprises 
a pumping station handling a peak flow rate of 19.7 m?/s; a 10.2km-long 3.7m internal diam- 
eter (ID) marine tunnel outfall, an offshore riser shaft and an 84-port diffuser field. 


MARINE 
TUNNEL 
OUTFALL 


4\ MARINE 
> OUTFALL 
DIFFUSER 


Figure 1. Project location (Peach et al. 2022). 


The selected 4.42m excavated diameter (ED) tunnel boring machine (TBM) was an Earth 
Pressure Balance (EPB) type supplied by CREG and designed to support a maximum face 
working pressure of 4.5 bar on the bulkhead. The TBM had two sets of gates. The first one 
located at the end of the screw (double gate) was used during normal operation and would 
close automatically in case of a power shutdown. The other set of gates called “guillotine 
gates” were between the screw conveyor and the bulkhead. In the event of extraordinary diffi- 
cult geological conditions, such as voids or highly fractured zones, the TBM had the facilities 
to perform drilling for explorations and grouting through the shield. The TBM was equipped 
with a non-intrusive electrical induced polarization prediction system called the Bore- 
tunnelling Electrical Ahead Monitoring (BEAM) System. Since the rock mass has different 
resistivity at varying frequencies, it was expressed with the Percentage Frequency Effect (PFE) 
matrix. 

The tunnel is supported with a 220mm-thick precast segmental lining made from Fibre 
Reinforced Concrete (FRC). 
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3 GEOLOGICAL SETTING 


3.1 Geological overview 


The project area is geologically a part of the Arabian Gulf Basin as described in detail by 
Cavelier et al. (1970), Sadiq & Nasir (2002) and Karagkounis et al. (2016). Additional details 
related to the geology are presented by Stypulkowski et al. (2023). 


3.2 Ground investigation works 


To successfully deliver the project at the desired location, the geotechnical risks during tunnel- 
ling were assessed based on ground investigations in three phases. The first phase in the form 
of a significant geotechnical and geophysical investigation program was undertaken by PWA 
prior to the tender stage in 2015-2016 and consisted of 22 offshore boreholes at a 500m 
centre-to-centre (c/c) spacing (Zetas, 2015) and extensive geophysical work (Zetas, 2016) as 
follows: 


1. Bathymetry (Multi beam and single beam echo sounding) covering 416 ha 
2. Magnetometer survey - 47 lines 

3. Side scan sonar survey - 416 ha 

4. Seismic refraction survey - 47 lines 


The scope of that investigation and prescribed laboratory testing was developed based on 
challenges faced during the design and tunnelling of the AHSO tunnel by one of the authors. 

The second phase was performed as part of the construction contract award which specified 
an additional 24 offshore boreholes to be done as a part of the detail design. Instead, a detail 
geophysical investigation surveys consisting of Electrical Resistivity Tomography (ERT) and 
Seismic Reflection (SR) was proposed by HBK-PORR JV and accepted by the Engineer. 

The third phase was performed during the tunnelling where the contract required real time 
interpretation of the conditions ahead of the cutterhead. The Bore-tunnelling Electrical Ahead 
Monitoring (BEAM) System was selected to fulfil that requirement. 


3.3 Summary of geological features 


Figures 2 and 3 present the plan and profile for tunnelling based on the interpreted phase one 
ground investigation results. 

The Simsima Limestone is subdivided into four geological units in the project area (Zetas, 
2015) as follows: Highly Weathered Simsima Limestone (HWSL), Weathered Simsima 
Limestone (WSL), Simsima Limestone (SL) and Basal Simsima Limestone (BSL). The 
underlying lower geological units, which include the Midra Shale (MSH), Khor Limestone 
(KLS), Rus Calcareous (RUS) and Rus Gypsum (RUSGYP), were encountered below the 
SL formation. 


Figure 2. Geological profile based on phase 1 ground investigations (1 of 2) (HBK-Porr JV, 2018). 
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Figure 3. Geological profile based on phase 1 ground investigations (2 of 2) (HBK-Porr JV, 2018). 


HWSL can be described as fine-grained dolomitic limestone recovered as highly weathered 
rock characterized by angular fine- to coarse-gravel-sized limestone fragments and occasional 
cobbles of limestone within a calcareous silt matrix that is typically washed-out during drilling. 

WSL can be described as fine-grained dolomitic limestone recovered as weathered rock 
characterized by angular fine- to coarse-gravel-sized limestone fragments and occasional cob- 
bles of limestone within a calcareous silt matrix that is typically washed-out during drilling. 
WSL was encountered in different colours, including grey, pinkish grey, brownish grey, grey- 
ish brown and bluish grey. 

SL can be described as unweathered to slightly weathered fine-grained dolomitic limestone 
with pockets of calcisiltite or calcareous siltstone or claystone, locally with a sandy silt matrix that 
is typically washed-out during drilling. In addition, the encountered SL is characterized by occa- 
sional solution vugs up to 100 mm in diameter, occasional chert and gypsum nodules, and very 
closely to closely and occasionally medium-spaced fractures. SL was encountered in different col- 
ours, including grey, brownish grey, greyish brown, greenish grey, greyish white and pinkish grey. 

BSL can be described as fine-grained limestone with pockets of calcareous siltstone. It can 
be characterized by very closely to medium-spaced fractures. BSL was encountered in different 
colours, including brownish grey and greyish brown. In general, it is less crystalline than the 
SL and has less digenesis compared to the overlying SL 

MSH is characterized by very weak to weak laminated calcareous claystone and thickly 
laminated calcareous siltstone, with occasional thin beds of limestone and very closely to 
medium-spaced fractures. Due to the bi-modal nature of the MSH it can be divided into two 
facies MSH Siltstone (MSHS) and the MSH Limestone (MSHL). MSH was encountered in 
different colours, including yellowish brown, grey, brownish grey, and greyish brown. 


3.4 Tunnelling risks attributed to the interpreted geology 


The first geological risk the tunnel boring machine (TBM) could encounter are karstic features 
along the tunnel alignment. Therefore, the TBM was designed and equipped with ports to 
grout ahead of the face and around the shield as well as associated drilling facilities. 

The second risk was associated with the hydraulic connection between the seabed and the 
TBM tunnel. To mitigate this risk, the TBM was designed to withstand full hydraulic pres- 
sure. According to the geotechnical assessment, approx. 15% of the tunnel alignment was 
expected to be in rock of poorer quality with increased permeability and direct connection to 
the seabed (Peach & Hameed, unpubl.). 


3.5 Post award investigations 


The geotechnical factual information in Zetas (2015) provided as part of the tender documents 
was used by HBK-PORR JV to assess and evaluate foreseen tunnel geotechnical conditions. 
Supplemented by the geophysical surveys, it became the basis of the project for the selection 
of the TBM machine and the design of the tunnel’s segmental lining. 

The ERT survey covered the entire 10km-long alignment. As a result, an electro strati- 
graphic model was developed identifying rock type by mineral content, porosity and degree of 
water saturation. SR survey reflected density changes at the boundary of different geological 
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units. Existing borehole data was essential in the interpretation of the results. As the Engineer, 
Peach & Hameed (unpublished) performed a comprehensive geological study using all 
methods employed and developed a cross-correlation methodology. Resulting foreseen geo- 
technical conditions for the tunnel were prepared. It was predicted that the TBM may encoun- 
ter 20 fractured (fault) zones during tunnelling. Peach & Vigil (2022) and Peach et al. (2022) 
describe all geotechnical aspects of tunnelling for the outfall in more detail. 


4 PREDICTED VS ACTUAL CONDITIONS 


During the third phase, the BEAM system predictions encountered during tunnelling were 
correlated with the information from the first and second ground investigation phases. 
Sample readings from the BEAM system have been reported by Peach et al. (2022). 

The conclusion was that the ground conditions matched with the predictions in 11 out of 20 
zones. This gives more than a 50% success rate (Peach et al. 2022). In eight locations, the dif- 
ference in distance between the predicted and actual location varied between 76m and 440m. 
The groundwater pressures ahead of the TBM could not be predicted with the BEAM system. 

The experience during tunnelling was that the first indicator of a fractured zone was a spike 
in the groundwater pressure measured at the TBM face, where the pressure spikes varied from 
2.2 to 3.5 bars. The BEAM system didn’t capture all the fractured zones where these pressure 
spikes occurred, however, in one case it recorded a fluctuation in the ground’s electric current 
resistivity which was correlated with a larger than expected muck quantity. 

The TBM production rates varied between the different geological formations and the 
encountered groundwater pressures. The constant monitoring of the TBM parameters helped 
the crew to adjust and optimise the tunnelling progress (Peach et al. 2022). 


5 COMPARISON BETWEEN INTACT ROCK PROPERTIES FOR MPSO AND AHSO 


The authors have compared the laboratory test results obtained from the borings performed 
during the first ground investigation phase of MPSO with the ones collected for the upstream 
onshore AHSO project to compare databases for the weak rocks properties common to the 
Doha area. The basic statistical terminology used is explained in www.cuematch.com. The 
author’s preference is to use “mode” to find the most common value. The mode refers to the 
number that appears the most in a dataset. A set of numbers may have one mode, or more than 
one mode, or no mode at all. If the mode can’t be calculated the average has been used instead. 

The tunnel stability depends amongst other factors on the shear parameters and the deform- 
ation characteristics. Mechanical resistance of the excavated material was evaluated by stand- 
ard laboratory tests such as compressive strength (UCS) and tensile strength (Brazilian). 

The UCS test results for MPSO range between 4 — 48 MPa (median 13MPa) for the SL and 
between 4 — 73 MPa (median 14MPa) for the MSH. The UCS test results for AHSO range 
between 4 — 34 MPa (avg. 18MPa) for the SL (Zone A&B) and between 4 — 40 MPa (avg. 
18MPa) for the MSH (Figure 4). If high UCS in the SL readings are discarded, the results for 
both projects compare well for the SL, however, not for the MS. 

Tensile strength results from Brazilian tests range between 0.7 — 6.6MPa (median 2MPa) for 
the SL and the same for MSH for MPSO (Figure 5). The Brazilian tests for AHSO range 
between 0.5 — 4.6MPa (avg. 2MPa) for the SL and between 0.9 — 9.1MPa (avg. 3MPa) for 
MSH. Again, discarding higher test values for MPSO’s SL, results for both projects compare 
well for the SL, however, not for the MS. 

The deformation characteristic depends on the Elastic Modulus and Poisson coefficient. 
The methodology used to derive the deformability characteristics of the rockmass surrounding 
the tunnel is not addressed in this paper. Young’s modulus from UCS testing range between 2 
and 68GPa (median 9GPa) for the SL and between 2 and 63GPa (median 5GPa) for the MSH 
for MPSO. Young’s modulus for AHSO from UCS testing range between 2 and 28GPa 
(median 5GPa) for the SL and between 0.4 and 13GPa (median 3GPa) for the MSH 
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Figure 4. UCS (MPa) results for AHSO and MPSO. 
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Figure 5. Brazilian — tensile strength (MPa) results for AHSO and MPSO. 
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Figure 6. Young’s modulus, E (GPa) results for AHSO and MPSO. 


(Figure 6). The results for SL and MS on both projects agree on lower part of the spectrum. 
However, occasional higher values for both projects and both rock units can’t be discarded. 
The extensive basic engineering geology work performed during AHSO (Stypulkowski 
et al. 2016), led to the conclusion that typical methods used in engineering geology for evalu- 
ation of hard rocks are not applicable to weak rocks of Doha. Typical rock mass 
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classification methods relying on reported herein test results and typically collected param- 
eters in boring logs will not lead to an adequate assessment of rock mass properties for 
design while they are adequate for the assessment of anticipated tunnelling conditions 
AHSO (Stypulkowski et al. 2016). This resulted in an expanded scope of works for the 
MPSO ground investigation program, which included a series of Triaxial Compression 
Strength tests conducted in 2015 by Bülent Ecevit University Mine Mechanization Labora- 
tory. The ® test results range between 38.6 — 59.7 degrees (median 49°) and c test results 
range between 0.4-5.5 MPa (median 2.4MPa). Fitting of a generalized Hoek-Brown strength 
model for 7 triaxial lab datasets for intact rock was conducted using RSData©rocscience 
with built-in curve fit algorithms (Hoek, 1999 and Hoek & Brown, 1997). Resulting m; 
ranges between 9.7 and 50. After discarding the two largest test results, m; ranges between 
9.7 and 25.4 with median 13.5. 

The above results correlate well with the corrected rock fracture parameter considerations 
for south Doha rocks proposed by Vučemilović et al. (2021) and Vučemilović (2021). This 
entails using the Mohr-Coulomb (MC) approach for UCS test results, which provides the 
USC range between 12.9 — 26.7 MPa, ® range between 24.6 — 28.9 degrees and the c range 
between 0.69-1.12 MPa. 

An initial assessment of the applicability of the geological strength index GSI in Doha for 
ASHO has been made by Pathak et al. (2015), who concluded the following: 

“The GSI classification system is based upon assumptions that the rock mass contains 
a sufficient number of randomly oriented discontinuities such that it behaves as a homogeneous 
isotropic mass. That means GSI is independent of the direction of the applied loads. GSI 
system should not be applied to those rock masses in which there is a clearly defined dominant 
structural orientation or structurally dependent instability. Here in Doha the ground mass is all 
horizontal. There is no discontinuity such as joints but compositionally different rock types are 
uniformly disposed horizontally one above the other. These contacts are the dominant struc- 
tural features but cannot be classified as discontinuities. The contacts are sharp based on 
colour change. All the individual beds are massive except shale. Thickness of different beds 
varies. Dolomitic limestone beds are relatively thicker at shallower depths whereas clay stone, 
marl, clay rich layers, and shale are thicker at greater depth. All these layers have different 
physical and geomechanical properties. These properties are directional in nature and failure 
would be governed by the inherent strength of ground mass and the contacts. The entire ground 
mass behaviour is highly anisotropic. The entire region falls under a very low stress condition 
and joints have not been able to develop except in very weak and foliated Midra shale. All the 
layers are massive and horizontal.” 

Therefore, the use of GSI in rockmass property determination is not applicable for the 
weak/soft rocks of Doha, and triaxial compression strength test results or corrected rock frac- 
ture parameter considerations proposed by Vučemilović et al. (2021) and Vučemilović (2021) 
should be used instead, however, this is subject to further detailed study. 

Additionally, Prof. K. Y. Lo Inc. from UofWO Ontario, Canada, was retained on 
MPSO to conduct swelling tests and the results were reported in February 2016 (Zetas, 
2016). Free swelling test on the MSH from five samples yielded a maximum of 26% and 
minimum of 9% of swelling in 100 days. The same results on the SL were expected to 
show no swelling, however, in 11 out of 29 samples the results were larger than 0 with 
the maximum of 5.2%. Semi-confined swelling tests on 10 samples for the MSH showed 
12% swelling in 100 days and 2.7% for the SL (six samples). Null swelling was observed 
in nine samples on the SL with maximum measured stress of 1.6 MPa, and one tested 
MSH sample with maximum measured stress of 2.3 MPa. The contractor’s designer used 
the results in tunnel lining design. 

A series of additional testing had been performed to better characterize the rock mass for 
mechanized tunnelling on 9 samples from the SL: Drilling Rate Index (DRI) range between 77 
and 86 (median 82), Cutter Life Index (CLI) range between 22 and 83 (median 54) and Bit 
Wear Index (BWI) range between 6 and 12 (median 8). The results were used by the contractor 
in optimalization of the TBM for tunnelling. 
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6 CONCLUSIONS 


Geotechnical prediction is not an exact science, however, the tools used during the design and 
construction allowed to adequately predict the ground conditions ahead of the TBM. Good 
and continuous correlation was observed between the different types of geotechnical investiga- 
tions, which significantly reduced the risks during outfall tunnelling and allowed for consist- 
ent, safe, and uninterrupted operations along the whole alignment. Diligent geotechnical 
analysis carried out before the tendering stage, which was supplemented with geophysical sur- 
veys, have proven to be formidable risk mitigation tools. Since there is no single ground inves- 
tigation method which can fully predict the ground conditions ahead of a TBM, it is essential 
to establish cross-correlation using the systems described by the authors. 

For the weak/soft rocks of Doha, triaxial compression strength test results or corrected 
rock fracture parameter considerations should be used instead of GSI approach, however, this 
is subject to further detailed study. 
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ABSTRACT: The medical monitoring of tunnel workers during hyperbaric interventions is 
part of medical surveillance and assessment of decompression procedures. 24 workers were 
selected and trained, 3 persons at a time worked under pressure, with a total of 186 records col- 
lected from 69 interventions. Working pressure ranged from 0.9 bar to 3.6 bar. The bottom time 
varied between 0:30 and 7:45 hours. Vital signs showed following changes after the surfacing: 
blood pressure was slightly reduced, heart rate increased, keeping all parameters within normal 
limits; psychologically the workers stayed positive. One case of bends was observed and success- 
fully treated. Medical monitoring showed appropriate selection and training of personnel for 
the compressed air environment, the compression and decompression protocols were adequate. 


1 INTRODUCTION 


The medical monitoring of tunnel workers during hyperbaric interventions is part of medical surveil- 
lance and assessment of compression and decompression procedures in order to avoid 
a decompression sickness (DCS) as an all or nothing event. In the lack of national decompression 
tables for compressed air work, the German (Druckluftverordnung, 1972, 2005) and the French 
(Travaux en milieu hyperbare, 1992, 2013) decompression tables were used. From the wider perspec- 
tive the question must be asked what parameters could be used to give a measure of the effectiveness 
of a decompression regime which doesn’t depend on an all or nothing event, but permits to see pro- 
foundly the state of health of compressed air workers in real time. It is suggested that the answer 
may be found in some form of physiological monitoring. (Lamont, 2006) Available techniques, 
besides of Doppler ultrasonic test (Subbotina, et al. 2020), include monitoring the physical and psy- 
chological state of workers using vital signs, their cardiovascular system, mood and cognitive status. 


2 MATERIALS AND METHODS 


Twenty-four workers of Ghella “Consortium Constructor Margen Izquierdo Sistema Ria- 
chuelo” Joint Venture were selected and trained to work in dry hyperbaric environment to 
carry out mechanic maintenance works on the cutterhead of the S-1122 Mixshield TBM. Each 
intervention shift was made up by four (4) workers, three (3) of which operational plus one (1) 
reserve. Usually, the reserve worker did not participate in hyperbaric activities but was ready 
to replace any worker who might suffer from difficulties during the immersion. 186 reports 


DOI: 10.1201/9781003348030-401 


3311 


have been produced out of 236 observations collected before and after each of 69 interven- 
tions. Working pressure ranged from 0.9 bar to 3.6 bar. The bottom time varied between 0:30 
and 7:45 h, with the total time of intervention ranging from 1:00 to 9.00 h. 

Each compressed air worker (CAW) began his day by undergoing medical pre-intervention 
control to obtain the daily fit, to develop his tasks in compressed air on this day, despite the 
fact that all the workers had their “general” aptitude in the specific pre-labor exams for hyper- 
baric jobs. Their aptitude was evaluated according to the criteria of the Argentine Naval Pre- 
fecture applicable for the divers of first category. First category divers can dive up to 50 m, 
which is close to the maximum hyperbaric pressure foreseen for the Riachuelo project. 

Pre-intervention medical control included evaluation of arterial pressure (systolic - SBP) 
and (diastolic - DBP), heart rate (HR), respiratory rate, breathing and airways congestion 
check, body temperature, oxygen saturation, pulmonary auscultation, ears examination, alco- 
hol in exhaled air (Alcotest 7510 Drager), drug test in saliva (Drug test 5000 Drager), and psy- 
chological and cognitive state review. Stroke volume and cardiac output were calculated and 
registered by Watts R. Webb et al. method. (Watts R. Webb et al. 2009) Body surface area 
has been calculated according to Mosteller’s “simplified calculation of body-surface area in 
metric terms”. (Mosteller, 1987) An enquiry to evaluate the desire to participate in the hyper- 
baric intervention was always carried out previous to the medical control. 

In addition, in times of pandemic, specific controls were added to mitigate the risk of contagion 
in the hyperbaric environment. Each compressed air worker had to fill the epidemiological ques- 
tionnaire about symptoms related to the disease causing the pandemic and/or possible close con- 
tacts with sick people or persons suspected of getting sick. Then they proceeded to an express 
serological test. At the end of the intervention each worker was submitted to the physician’s 
review. Vital signs (BP, HR), cognitive and psychological assessment were carried out along with 
the careful observation of the worker’s behavior. Movements, gait and other pertinent details 
were subjects of the physician analysis to suspect or to rule out any potential dysbarism problems. 
During the 24 hours following the intervention, the medical staff of the Company followed closely 
the recovery of the workers maintaining constant telephone contact with all of them. 

For those interventions higher than 3 bar, the CAWs received normobaric oxygen (Risberg et al. 
2017) before being discharged from the site. Besides that, after three real working shifts at 3,3 — 3,6 
bar each one with three participants, the CAWs were monitored, obtaining echocardiograms and 
Doppler scanning of the precordial and subclavian zone. Doppler data were also obtained from 
workers after remaining at rest under pressure of 3.9 bar for 45 minutes bottom time inside the 
hyperbaric chamber. Doppler scores using the Kisman-Masurel (KM) code were recorded by port- 
able echograph Mindray M7 and General Electric Vivid S5, in total 21 records obtained. 


3 RESULTS 


Traces of drugs and alcohol were found in 2 cases, leading to the exclusion of affected personnel 
from work in a high-pressure environment. Three workers were considered not fit temporarily 
because of high BP or upper airways congestion, etc. At the end of the interventions adverse 
cognitive changes were never observed, and from the psychological point of view all workers 
showed positive attitude. One case of bends was detected and successfully treated. The vital 
signs of this CAW were normal: being the same before and after intervention at 3,5 bars. 

Vital signs after the surfacing showed statistically significant changes. The mean systolic 
blood pressure of 120,47 + 7,98 mm Hg before the intervention, lowered to 116,20 + 11,39 mm 
Hg. (T=4.30 p<0,01), The diastolic BP decreased from 75,55 + 7,76 to 72,81 + 8,66 mm Hg 
(T=3.35 p<0,01). The HR slightly raised from 74,70 + 10,23 to 78,64 + 11,72 (T= 3,38 p<0,01). 

Generally speaking, at the end of each intervention we observed a slight reduction of BP 
and a slight increase of HR, but always ranging inside the normal limits. The variation in vital 
signs statistically confirmed in all records was analyzed in detail focusing on two factors: the 
working pressure of the intervention and the total duration of the intervention, which included 
the bottom and decompression times. The aim was to find the relationship between the work- 
ing environment and the observations on physical condition of the workers. 
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Table 1. 
GENERAL DATA 


Before the intervention 


After the Intervention 


Average values of vital signs before and after the intervention, n-number of observations. 


Vital Signs Mean STD n Mean SDT n T-test p 

SBP mm Hg 120,47 7,98 231 116,20 11,39 183 4,30 <0,01 
DBP mm Hg 75,55 7,16 231 72,81 8,66 183 3,35 <0,01 
HR 74,70 10,23 227 78,64 11;72 154 3,38 <0,01 


The information has been divided in four groups according to the pressure and the volume 
of recordings close to the quartiles (quartiles are three data points that divide an observation 
into four equal groups or quarters): the pressure of 0.9-1 bar (52 records), from 1.1 to 2.3 bar 
(38), from 2.4 to 2.5 bar (74) and from 2.6 to 3.6 bar (41). The parameters of vital signs turned 
out to be as follows from the Tables 2, 3, 4 and 5. 

It is clearly seen that the main direction in vital sign modification after the intervention at 
low pressure was the same, as in general, but these changes were more pronounced, which was 
not expected. At 1.1-2.3 bar only diastolic blood pressure showed statistically significant dif- 
ference between data before and after intervention. 


Table 2. Vital signs before and after the intervention at 0.9-1.0 bar. 


0-1 bar Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 120,16 10,46 50 107,37 12,85 49 5,43 <0,01 
DBP mm Hg 72,66 8,28 50 68,24 8,27 49 2,65 <0,05 
HR 75,30 8,29 46 84,23 7,41 26 4,70 <0,01 
Table 3. Vital signs before and after the intervention at 1.1-2.3 bar. NS — non significant. 

1,1-2,3 bar Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 122,78 5,56 32 122,90 13,46 31 0,05 NS 
DBP mm Hg 77,59 7,78 32 73,39 7,89 31 2,13 <0,05 
HR 74,88 9,38 32 81,39 16,71 28 1,83 NS 
Table 4. Vital signs before and after the intervention at 2.4- 2.5 bar. 

2,4-2,5 bar Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 119,57 5,50 70 117,75 6,92 65 1,68 NS 
DBP mm Hg 76,66 6,42 70 74,15 9,17 65 1,82 <0,05 
HR 74,87 12,09 71 77,28 10,27 65 -1,25 NS 
Table 5. Vital signs before and after the intervention at high pressure. 

2,6-3,6 bar Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 118,97 5,59 37 120,29 5,21 34 -1,03 NS 
DBP mm Hg 76,49 6,76 37 76,18 6,52 34 0,20 NS 
HR 74,57 10,54 37 74,00 10,19 33 0,23 NS 
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During the interventions at 2.4 till 2.5 bar there was the same modification in vital signs — 
the lowering of diastolic blood pressure without significant changes in systolic blood pressure 


and heart rate. 


The interventions realized at highest in our project pressure showed no changes in vital 


signs. Graphically it is observed in Figure 1. 


Figure 1. 


SEGMENTATION BY PRESSURE 
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Changes of vital signs of CAWs after interventions at different pressures. 


Supposing that there could be a relation between a shorter duration of the interventions at 
high pressure and the lack of significant changes of VS, we analyzed the behavior of the same 
parameters separating the interventions by the total time of their duration. The data are pre- 
sented in the Tables 6, 7, 8 and 9. There are no changes in vital signs after intervention of 
short duration, as in all other total time duration of interventions. 


Table 6. Vital signs before and after interventions with short duration (1-2 h). 


1-2h Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 119,33 7,04 15 120,71 4,75 14 -0,62 NS 
DBP mm Hg 76,67 9,00 15 73,57 6,33 14 1,08 NS 
HR 74,67 13,31 15 77,64 13,24 14 -0,60 NS 
Table 7. Vital signs before and after interventions with intermediate duration (2.1-4 h). 

2,1-4h Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 120,50 4,50 40 119,85 3,91 40 0,69 NS 
DBP mm Hg 76,25 6,28 40 74,00 6,72 40 1,55 NS 
HR 72,95 9,89 40 75,18 10,27 39 -0,98 NS 
Table 8. Vital signs before and after interventions with rather long duration (4.1-6 h). 

4,1-6 h Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 119,62 4,97 6l 118,08 7,93 32 122 NS 
DBP mm Hg 76,84 6,88 6l 74,81 10,19 52 1,22 NS 
HR 75,08 11,11 62 77,43 13,92 51 -0,98 NS 
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Table 9. Vital signs before and after interventions with very long duration (6.1-9 h). 


6,1-9h Before the intervention After the Intervention 

Vital Signs Mean STD n Mean STD n T-test p 
SBP mm Hg 119,41 6,59 17 122,35 17,86 17 -0,64 NS 
DBP mm Hg 76,41 5,93 17 74,71 7,17 17 0,76 NS 


HR 77,82 12,89 17 79,65 9,44 17 -0,47 NS 


The absence of uniform changes in vital signs at different total time duration of interven- 
tions is presented graphically in the Figure 2. 


SEGMENTATION BY TOTAL TIME 
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Figure 2. Changes of vital signs of CAWs after interventions of different total duration of interventions. 


Table 10. Changes in vital signs of CAWs after different duration of bottom time. 
Change of Vital Signs 0 - 95 min 96 - 149 min 150 - 183 min 184 - 340 min 


SBP mm Hg 0.83 0.06 -2.28 1.16 
DBP mm Hg -2.38 -1.82 -0.71 -2.53 
HR 2.31 3.10 1.94 1.76 


Table 11. Changes in vital signs of CAWs after different decompression time. 


Change of Vital Signs 0 - 43 min 44 - 119 min 120 - 162 min 163 - 270 min 


SBP mm Hg -10.50 -2.38 0.20 -0.42 
DBP mm Hg -4.89 -2.75 -1.03 -1.91 
HR 6.56 4.00 2.40 1.51 


Digging deeper, with the aim to find the reason of this discrepancy, we divided the informa- 
tion according to bottom and decompression time duration. Table 10 shows the absolute dif- 
ference in SBP (in mmHg), DBP (in mmHg) and HR (beats per minute) at different duration 
of bottom time, while Table 11 shows the variation of SBP, DBP and HR at different duration 
of decompression time. That is seen at the graph 3. There was no relation between different 
bottom time and changes of vital signs of CA Ws. 

It was notorious that graphically the changes of VS at different duration of decompression 
time seemed similar to the effect of pressure influence. See Figure 4. As the pressure and the 
decompression time are closely related, it is logically understood that they could be similar: 
both - greater pressure and the longer decompression time resulted in minimal alterations of 
vital signs. Therefore, when the workers have been exposed to higher pressure or longer 
decompression time, minimal variation of vital signs have been observed. 
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Figure 3. Changes of vital signs of CAWs after interventions of different bottom time. 
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Figure 4. Changes in vital signs of CAWs after different decompression time. 


These changes that were not expected required further investigation of the physical state of 
health of CAWs. So, we used the calculation of stroke volume and cardiac output of the work- 
ers, based on their vital signs and body surface area. The stroke volume and cardiac output 
were calculated for sixteen CAWs selected from the personnel involved more frequently in 
interventions and with complete registry. 


Table 12. SV and CO before and after interventions in selected group of CAWs. 


Parameters Before the intervention After the Intervention 

ml Mean STD n Mean STD n T-test p 
Stroke volume (SV) 74.0 11,6 16 75,8 13,3 15 0,38 NS 
Cardiac output (CO) 5465 1064 16 5866 1239 15 0.93 NS 


The stroke volume before the interventions was 74.0 + 11.6 ml and after interventions prac- 
tically the same: 75.8 + 13.3 ml; the cardiac output has not changed significantly from the 
initial values (T=0.93). (See Table 12). 

Analyzing the data of one worker from this group in different days (available 14 records of his 
vital signs before the intervention and 11 after the intervention in which he took part) we observed 
that his cardiac output lowered 12%: as a mean from 100% to 88%, but mainly by the reduction 
in the HR, because the stroke volume was practically the same (75,1 ml before and 75,5 ml after 
the working day). The observation confirmed that his VS were within normal values, but his car- 
diac output was statistically lower at the end of every intervention. (See the Table 13.) 

Doppler’s maximum scores (KM III) were observed twice in the same person, after per- 
forming real work at 35 m depth with no complaints and no clinical manifestations of 
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Table 13. SV and CO before and after interventions in one selected CAW. 


Individual Mean before STD Mean after STD T p 
HR 81 8,6 77 8,8 1,09 NS 
Stroke volume (SV) 75,2 5,46 75,6 5,37 0,17 NS 
Cardiac output (CO) 6583 750 5800 732 2,52 <0,05 


dysbarism stress. The third case of high levels of bubble score was observed in one worker 
after remaining in hyperbaric chamber at rest at 39 meters. Three of total 21 Doppler monitor- 
ing sessions (15%) demonstrated a grade III KM venous blood bubble level. 

Our epidemiologic protocol was adequate, nobody got sick with virus SARS-CoV? infec- 
tion, the CAWs that had been infected in community, were revised by a special set of studies, 
their aptitude was confirmed and in subsequent intervention they had no health problems. 


4 DISCUSSION 


All these observations are important in order to understand the nature of the combination of 
environmental factors in compressed air inside the TBM such as higher density of air, rela- 
tively hyperoxia, nitrogen narcosis, and high temperature and humidity, physical and psycho- 
logical stress accompanied by pressure changes. 

Since works in compressed air inside tunnels are gaining eminence, due to the abrupt expansion 
of pressurized mechanical tunnel boring techniques, it is required to carry out more investigations 
on the effects of the dry hyperbaric environment on the health condition of the workers. The 
effort must be done in order to enhance the quality of the regulations of this specific activity. 

The aim of our study wasn’t limited to the observation of DCS incidence on our workforce. 
We were interested in investigating a wide spectrum of details of the health of the hyperbaric 
workers in order to find a possible connection between the observed slight change of a vital 
sign parameters with the possibility of developing a DCS or other diseases. It is an observa- 
tional study in real conditions without a control group, but with a detailed comparison of dif- 
ferent factors that determine working in hyperbaric conditions. The retrospective analysis of 
the data, from 900 man-hours of exposure to a hyperbaric environment ranging from 0,9 to 
3,6 bar, allowed to confirm the effectiveness of the protocols applied. 

The observed changes in vital signs need criteria to apply. How is the cardiovascular system 
affected under high pressure? Avoiding the comparison with diving because of the fact that 
mere immersion in water causes diving reflex and alters many physiological systems, we will 
refer to dry environment. The cardiac rate and rhythm in healthy subjects exposed to air sat- 
uration chamber experiments at rest at depths from 0.6 m to 40 m showed reductions of 30% 
to 40% with prolongation of the QT interval that was consistent with the reduced heart rate. 
Eckenhoff et al. (1984) believed that the bradycardia noted in the exposures was related to 
both hyperoxia and increased pressure. In our case there were other factors - a high tempera- 
ture of the working environment and a heavy physical work accompanied by a certain psycho- 
logical stress. So, our results are not comparable with mentioned above. 

We matched the findings with the data of vital signs and cardiovascular system of the workers 
with long lasting working days and high emotional component, studied by the Russian phys- 
icians. According to the Russians (Jlompaues et al. 2017), the long-lasting working day and psy- 
chophysical stress were accompanied by the reduction in the cardiac output affecting both 
parameters: heart rate and stroke volume. The greater was the energy consuming during the 
work, the more pronounced were the alterations of the cardiovascular system. The cardiac 
output during the first two hours taken in working group with the caloric consumption of 3737 
+518 kcal, by 100%, later was reduced to 97 %, 88 %, compared to the initial values. This reduc- 
tion was a result of lowering of the stroke volume as 97 %, 97 %, 91 % and by changing of the 
HR to 103 %, 100 %, 97%. In the working group with energy consumption of 5442+488 kcal 
the same values of cardiac output taken as 100% at the beginning of the working day were 
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reduced to 85 %, 71 %, 69 %. The stroke volume changed as 88 %, 86 %, 85 % from the initial 
value, and the heart rate 96 %, 84 %, 82 % respectively. The reduction of cardiac output studied 
in detail in one of our workers is similar and could be probably interpreted in the similar way. 
But at the same time, some CAWs didn’t show the same reaction of their cardiovascular system 
to the hyperbaric conditions. It was expected that changes in vital signs may be greater in condi- 
tions of higher environmental pressure, but we found the opposite result: work at higher pres- 
sures demonstrated fewer changes in vital signs. As the pressures increased, the changes in vital 
signs seemed minor. The changes due to different timing were not as linear, but a similar trend 
apparently exists for duration of decompression time. Is it due to relative hyperoxia? To 
euphoria caused by nitrogen narcosis? The mood’s registry was done after the decompression, 
so the nitrogen narcosis effect was not fixed. It’s worth to mention that CAWs had received 
a special training on nitrogen narcosis, and there were no labor incidents at high pressure. 
Speaking about the total time of intervention, we should notice that there were no statistically 
significant changes in all the segments analyzed. Since all the vital signs and cardiovascular 
system parameters were inside the normal range, as well as stroke volume and cardiac output, 
we can assume that the intervention protocols in this project were adequate and well tolerated 
by the CAWs. Must be noticed that stroke volume and cardiac output parameters are used to 
characterize working conditions in aviation and other types of work with high level of stress and 
demand. (Buhtiarov et al, 2018). So, with all parameters always within normal ranges and with- 
out apparent changes in mood and cognitive status, the observed variations can be attributed to 
normal fatigue that is a well-studied phenomenon in different spheres of human work activity, 
especially notorious with work stress and activity that requires high cognitive performance and 
operational attention. Nevertheless, the constant presence of the hyperbaric physician, well 
known by the workers, was crucial to build up a harmonious and serene working environment. 


5 CONCLUSION 


The medical and safety procedure implemented by Ghella for the CCMI “Sistema Riachuelo” 
project, including the systematic processes of personnel selection, specific training and the 
strict application of the compression/decompression protocols, proved to be appropriate for 
the scope, and finally allowed to ensure and protect the integrity of the workers from both 
physical and psychological point of view. 

The Company has implemented a new package of good practices for dry hyperbaric inter- 
ventions that have never been applied before in Argentina, and are now under revision of the 
Argentinian Superintendence of Occupational Risks (SRT) to be used as a guide line for the 
new legislation in the field of dry hyperbaric “not medical” activities. 

The epidemic control protocol, applied to the hyperbaric scenarios, was adequate to prevent 
the spread of the SARS-CoV2 infection between the hyperbaric workers. 
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ABSTRACT: Following the elaboration of a Tunnel Safety Documentation for the T4 
tunnel, several deviations from the European and national Standards were identified. More- 
over, due the tunnels’ special characteristics and its ageing equipment, the rehabilitation plan 
had not only to upgrade the level of safety to “Category A” as per the ADR agreement, but 
also to perform heavy maintenance works and provide sustainable solutions for the tunnel 
operations and the local community. The construction methodology poses significant chal- 
lenges in the operation and the construction. Therefore, special provisions, technical and oper- 
ational, were required in order for the transport of heavy and dangerous goods vehicles to be 
allowed in the tunnel during construction. The Covid pandemic and the geopolitical condi- 
tions (Ukraine war), seem to negatively affect the projects’ duration and financing. With 
a budget of more than €20M, it is the first tunnel upgrade project of this magnitude and com- 
plexity in Greece, that sets the basis as refence for future tunnel upgrades. 


1 GENERAL BACKGOUND 


The recent years, after the delivery to traffic of the new road Concession Projects, Greece has 
inherited an overall main road network of approximately 2500km, which includes a number 
of newly built tunnels. The new tunnels, together with the already existing ones, bring Greece 
among the countries with the most tunnels in Europe. 

The new tunnels meet the European tunnel safety standards. Nevertheless, the same does 
not apply to most of the existing tunnels that were constructed and delivered to traffic prior to 
the issuance of the EU Directive 54/2004 in which the minimum requirements concerning the 
tunnel safety are defined. The T4 tunnel, which was given to traffic on 2004, falls into 
the second category, therefore an upgrade plan was required. 


2 THE T4 TUNNEL 


2.1 General 


The T4 (Katerini) tunnel is a road tunnel of 1.1km, located under the city of Katerini in Northern 
Greece and is part of the main road network between Athens and Thessaloniki. Specifically, it is 
part of the Main Concession Project of Maliakos - Kledi, a 240km road network, including 
11km of 3 new twin tunnels, operated by the Aegean Motorway S.A. (AMSA). The T4 tunnel is 
a two-tube tunnel with 3 lanes per direction and was constructed using the Cut & Cover method. 


2.2 Special characteristics of the tunnel 


The tunnel features special characteristics making its operation in both normal and emergency 
operations challenging. These characteristics, played a decisive role in the definition of basic 
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parameters of the rehabilitation project both in terms of technical interventions and construc- 
tion methodology. 

It is operated by the central Motorway Management Center (MMC) located approximately 
100km south of the tunnel, therefore special technical infrastructure provisions must be fore- 
seen in order to ensure the continuity of communications. Moreover, the maintenance base is 
also located 40km from the tunnel, limiting the fast response of onsite personnel in case of 
equipment failure. 

The tunnel features special traffic characteristics, the most important of which is the high 
percentage (29% of the AADT) of Heavy Goods Vehicles (HGV), 4% of which are vehicles 
transporting dangerous goods (DGV). On top of that, high seasonal variation (+55% of the 
AADT) during the summer period is observed due to the local touristic region mostly with 
tourists from the Balkan region. The above played a decisive role both on the definition of the 
construction methodology and also on the special technical and operational provisions that 
had to be defined for a safe construction period. 

Above the tunnel, apart from the extensive local road network of the city of Katerini, the 
area also employs playgrounds, sports’ facilities (tennis and basketball courts, skate parks), 
cafes and residential buildings. The space use and the impact on the local community of an 
accident involving dangerous goods vehicle in the tunnel, was indeed an important factor that 
was considered in the definition of the rehabilitation scope, especially regarding the required 
tunnels’ structural resistance in case of fire. 

In case of an accident in the tunnel, the motorway traffic is diverted on the local network of 
the city of Katerini, due to the lack of an alternative road route. The motorway traffic of the 
national road network passing through the city, poses a great impact on the city of Katerini. 
The aim of the rehabilitation works is to upgrade the tunnel in order to minimize the times 
that the tunnel will be closed to traffic either due to accident or due to equipment failure, pro- 
viding a high level of safety to road users and safeguarding the local community. 

Based on the above, in case of tunnel structures’ failure due to fire, both the primary and 
the secondary road network shall be compromised, together will all the cities’ infrastructure in 
the vicinity of the tunnel. Therefore, a local tunnel collapse, would endanger lives, have signifi- 
cant impact on the local community and create inconvenience in the national road network. 

From the above, it is understood that the rehabilitation plan had not only to upgrade the 
level of safety of the tunnel but to also provide a sustainable solution for the local community. 


3 STATUS OF THE TUNNEL UPON HANDOVER 


3.1 Tunnel status before the handover 


The T4 tunnel was constructed by the State and delivered to traffic in 2004. The same year, 
the European Directive EU54/2004 was issued which was later transpositioned in the Greek 
Law with the Presidential Decree on 2007 (PD230/2007). 

With the Commencement of Concession Agreement (CCD) in 2008, the Concessionaire i.e. 
Aegean Motorway S.A. (AMSA) undertook the operation and maintenance part of the 
PATHE motorway, part of which is the T4 tunnel. 

Nevertheless, the installation of Electronic and Electro-Mechanical (EEM) systems in the 
tunnel by the State continued even after the CCD, while the tunnel was already in operation 
by AMSA. The official delivery of the tunnel from the State to AMSA finally took place in 
2010. 

AMSA, in-between the CCD (2008) and the tunnels’ official delivery (2010), investigated 
the safety status of the T4 by performing 


e technical audits by expert companies 

e safety studies i.e. Risk Analysis study (RAS) and Specific Hazard Investigation study (SHI) 
in order to assess the overall safety level of the tunnel 

e specialized on site ventilation tests with hot smoke in order to validate the efficiency of the 
ventilation system. 
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3.2 Deviations in the safety management before the tunnel handover 


Upon the official handover of the Tunnel from the State to AMSA, significant deficiencies 
regarding tunnel safety management and deviations from the new applicable European and 
the Greek Law were identified and highlighted 

No Tunnel Safety Officer (TSO) was appointed for the Tunnel and there was no Tunnel 
Safety Documentation (TSD) prepared, therefore, the tunnel safety level could not be evalu- 
ated nor the Classification of the Tunnel regarding the transport of the DGV according to 
ADR agreement could be defined. Most importantly, the foreseen procedure for the tunnel 
start of operations was not followed, therefore no “Operation Permit” was granted by the 
Tunnel Administrative Authority (TAA) for the tunnel. 


3.3 Safety management after the tunnel handover 


AMSA, after the official handover, to comply with the Greek and European Law, proceeded 
to with all required provisions i.e. 

The elaboration of TSD according to the EU Directive and the newer Greek TAA’ Direct- 
ives, lead to the identification of deficiencies regarding (fire) safety. 


e Drainage system: The lack of special arrangements to prevent fire and flammable and toxic 
liquids from spreading inside tubes and between tubes, was one of the basic deviations from 
the EU Directive. Also, there was not an appropriate continuous slot gutter but rectangular 
gutter covered with steel covers, that due to the bad installation were causing traffic accidents. 

e The structural resistance of the tunnel to fires did not seem sufficient, especially to fires 
from HG-DGV of 100MW or higher. 

e Absence of evacuation lighting and signage, to guide tunnel users to evacuate the tunnel on 
foot, in the event of emergency. 

e Deviations regarding the design of safety systems (especially the power supply and electrical 
circuits) 

e The design of life critical systems was not according to the best practice and the Operation 
Manuals of AMSA. 


Technical site investigations were performed in order for technical issues requiring special 
attention to be identified. An important finding was that the cable channels under the emer- 
gency walkway on both sides of each tube were not constructed according to best practice, 
therefore provided limited protection against fire. 

Elaboration of special studies to evaluate the structural resistance of the tunnel in case of 
HGV fire. A method combining on site experiment with portable furnace and computer based 
FEA structural analysis, proved that the tunnel, as designed, could not withstand the required 
fire loads. The above study, substantiated the need for protection of the tunnel structure 
against fire and set the basis for definition of the rehabilitation project. 


4 THE UPGRADE PLAN 


4.1 The concept 


According to the EU54/2004, the Tunnel Manager i.e. AMSA, jointly with the Greek State, 
had to define a tunnel safety upgrade plan, that would lead to the classification of the tunnel 
as “Category A” after the execution of the upgrade works. 

The definition of scope for the tunnel safety upgrade was based on the results of the TSD, 
recommendations by the TAA, findings of the onsite technical audits, results of the special 
studies, special characteristics of the tunnel and best practice regarding tunnel safety. 

Meanwhile, many of the electromechanical systems were becoming obsolete or even beyond 
supplier’s support due to lack of heavy maintenance works since the start of operations in 2004. 

Therefore, heavy maintenance works had to be executed together with the required tunnel 
safety upgrade plan. The above combination has led to an extensive tunnel design and con- 
struction plan which foresees that almost all tunnel systems are being upgraded. 
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The upgrade design is based on the holistic tunnel safety concept according to which a safe 
tunnel environment can be achieved by an optimized interaction of all aspects influencing 
safety, including infrastructure and equipment, user behavior, traffic characteristics and users’ 
vehicles, operational practices by the tunnel Operator, emergency response procedures by the 
Emergency Services. 

Apart from the safety aspect, the state-of-the-art technology and systems’ innovation and 
digitalization in terms of Design and materials were employed. An important factor is also the 
reduction of power consumption and better energy management leading to lower carbon foot- 
print. Finally, the upgrade plan also had to provide added value and sustainable solutions for 
the local community. 


4.2 The programmed works 


The rehabilitation works consist of a combination of installation on new systems and the 
upgrade of existing ones. Below are mentioned the basic works: 

Protection of the tunnel structure against fire by installing special protection boards. This 
would ensure sufficient fire resistance, protecting the tunnel users and the intervention teams 
and providing sustainable solution for the local community. 

Complete replacement of safety systems such as the TMS, ERT, Lighting, SCADA (includ- 
ing SCADA simulator), local Network, CCTV, Automatic Video Incident Detection (AVID), 
evacuation lighting, construction of new Computer room and cable channels under the tun- 
nels’ walkway. 

Worth mentioning, is the replacement of the existing lighting system with new fully 
LED system with dimming capabilities, that except upgrading the safety level and drivers’ 
comfort, it significantly reduces more than 50% the tunnels’ power consumption and 
carbon footprint. 

Functional and technical upgrade of: Power distribution system, Public Address system, 
Ventilation system (heavy maintenance on the Jet Fans), SCADA functionality by implement- 
ing automated scenarios for both normal and emergency operations, Fire Fighting system, 
Technical Building, Drainage system and Processing Plant, emergency exits leading to the 
area above the tunnel by installing overpressure system, CCTV and PA systems. 

Worth mentioning, is the functional upgrade of the Public Address system that was 
extended at the tunnel portals and in the emergency exits that lead to the area above the 
tunnel. A Public address system was also installed in the area above the tunnel to inform the 
public in case of a HG-DGV accident in the tunnel. 


4.3 Validation of the upgrade plan 


The rehabilitation approach and the programmed works had to be verified by a new Tunnel 
Safety Documentation regarding the safety level of the final status of the tunnel, after the exe- 
cution of the works. 

After consultation with the TSO and the approval by the TAA of the provided safety level, 
the concept was considered successful. Therefore, the tunnel, after the construction works is 
to be Classified as “Category A” as per ADR Agreement. 


5 CONSTRUCTION METHODOLOGY 


The method for the execution of works was also a subject of lengthy debates between the 
numerous shareholders. The initial approach was that the works will be executed with full 
tunnel closure. But, mostly due to the lack of appropriate alternative road network and the 
inconvenience that could have been caused on the local community and the transportation 
companies, AMSA was asked to propose different construction methodology. 

After consultation with all the involved parties i.e. TSO, TAA, the Emergency Services (ES) 
especially the Fire Brigade, the local Authorities and the States’ Supervising Authority, 
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AMSA proposed two different construction methodologies. Both methodologies were exam- 
ined in terms of constructability, safety during construction of both the users and the workers, 
cost, duration, emergency operations by the ES and AMSA. Important parameter is that the 
Heavy Goods Vehicles and the vehicles transporting Dangerous Goods (HG-DGV) should be 
able to pass through the tunnel throughout the construction period. 

The method that was finally qualified is the renovation works in one tube with bi- 
directional traffic in the other tube. The risk of the proposed construction methodology had 
to be substantiated through a TSD especially for the construction period. 


6 SPECIAL PROVISIONS PRIOR TO THE START OF CONSTRUCTION WORKS 


Based on the holistic tunnel safety concept and the results of the TSD for the construction 
period, retrofitting a uni-directional tube into bi-directional while constructing the other tube, 
requires the implementation of special arrangements (preparatory works and definition of new 
operational procedures) involving all shareholders before the start of main rehabilitation works. 


6.1. Preparatory works 


Several existing systems had to be retrofitted and new safety systems had to be designed and 
installed. The retrofitted systems are the SCADA regarding new equipment and adapting the 
automatic scenarios, the Automatic Video Incident Detection (AVID) system had to be fully 
configured, the Lighting system of the bi-directional tube because a new tunnel entrance zone 
had to be installed, the local fiber optic Network had to be redesigned with installation of tem- 
porary fiber optic cable, the Traffic control and user’s information system (TMS) by adding 
new equipment in new direction and the Fire Fighting system. While the new installations 
include the evacuation lighting of the under-construction tube and smoke/air-locks in case of 
fire in the bi-directional tube. 

The most significant issue that had to be dealt with was the adaptation of the 20-year-old 
existing SCADA system, especially the emergency operations scenarios “tunnel closure” and 
“fire scenario,” that had to adapted to the new “Concept of Operations”. The initial SCADA 
developing company did not exist anymore, therefore the implementation had to be hardwired. 

After the design and the States’ approval, the Preparatory works started on January 2022 
with the duration of 2,5months. The Preparatory works took place with traffic arrangements 
(maximum 2 lanes closed to traffic per direction) and simultaneous live traffic in the rest of 
the lane(s). Construction had to be paused or delayed due to snow/winter maintenance & 
bank holidays. 


6.2 Operational procedures 


Definition of a new “Concept of Operations” of the tunnel Operator (AMSA) for both 
normal and emergency operations, such as accidents and fires. Basic actions involved: 


e Dedicated tunnel operator in the MMC only for T4 tunnel 
° Training of the operators on the new technical and operational procedures 
e Public communication campaigns through posts and videos in social media 


Definition of a new common “Emergency Response Plan” together with AMSA, the ES 
and the TSO. Tunnel intervention requires fast and coordinated response by all involved par- 
ties, especially in a bi-directional tunnel. 


e Special FB unit and special tunnel intervention vehicles are dedicated for the duration of 
tunnel construction, stationed just outside the tunnel. 

¢ Traffic Police vehicles and TMs’ patrol vehicles are stationed on both sides of the tunnel in 
order to ensure immediate traffic deviation to the adjacent interchanges in case of incident 
in the tunnel. 
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e Special tow-truck vehicles (for HGV and light vehicles) are stationed at the tunnel portal 
for immediate intervention in the tunnel. 

e Joint tunnel site visits and training of the ESs’ personnel in the new “Concept of 
Operations.” 


Execution of large-scale safety exercise with the Emergency Services after the construction 
of the Preparatory Works. It was set as a prerequisite by the TAA for granting the permit for 
the start of bi-directional Operations 

The under-construction tube, is considered as the “safe tube” in case of emergency. There- 
fore, special requirements apply for the users’ evacuation in terms of evacuation lighting and 
clear evacuation route and for the ES requiring a clear dedicated lane to be held by the Con- 
structor throughout the tunnel construction for their intervention in case of accident in the 
adjacent bi-directional tube. 


7 INFORMATION ABOUT THE PROJECT 


The total cost of the Project is approximately ~€20M, co-financed by the State and AMSA. 
The Constructor is Vinci Construction Grand Projects Hellas and the Supervising Authority 
is the Greek State (Ministry of Infrastructures) and a Private Firm employed by AMSA. 

The initial estimated construction duration (including the preparatory works), was 17 
months. Currently, due to Covid and the Ukraine war, the revised estimated construction dur- 
ation is 22 months. 

A quality system was introduced according to which all new Designs, Material approval 
requests, Test and Commissioning documents, offers regarding new technical scope were sub- 
mitted officially between the parties. Indicatively, 10 new systems’ designs for the Preparatory 
works, 11 new systems’ designs for the Main project, 3 new TSD for each construction phase 
were prepared and submitted to the relevant Authorities. 

Following the execution of the Preparatory Works and the implementation of the special 
Safety Procedures described above, the TAA has granted the bi-directional Operations 
permit, marking the start of main works in April 2022. 


8 CHALLENGES DURING CONSTRUCTION 


The Project takes place amidst the Covid pandemic, this causes prolonged times in all steps of 
the Project i.e. coordination between the involved parties, scope definition, Design prepar- 
ation and approval process, procurement of materials etc. Moreover, extra safety measures 
and specific procedures in the construction site have to apply. 

Even though basic materials (fire protection boards, LED lighting luminaires) had already 
been procured by the Constructor even before the start of construction, it seems that the 
increased delivery times (especially of the electronic equipment) due to the Covid pandemic, 
will have a significant impact on the overall Projects’ duration. 

The Covid pandemic in combination with the geopolitical conditions in Europe (war in 
Ukraine) has led to the dramatic increase in materials’ prices. This in turn has led to claims by 
the Constructor to secure the Projects viability. 

Performing rehabilitation works in a 20 year-old-tunnel poses an increased construction 
risk in relation to the construction in a newly built tunnel. The lack of previous heavy main- 
tenance works in combination with the construction defects on the initial installations, results 
to unexpected and unforeseeable findings e.g. heavy corrosion of the firefighting pipe. These 
findings, that must be dealt in a timely and efficient manner by numerous stakeholders i.e. 
AMSA, Constructor, Designers, State, lead to increased technical scope and therefore 
increased cost and Projects’ duration. 

As previously mentioned, the area of Katerini is a touristic area. During the summer period 
the traffic increases by almost 55%, leading to an almost proportional increase of the traffic 
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incidents and therefore increased risk of the bi-directional traffic operations. It is important to 
mention that, although the significant number of traffic incidents, none of them included 
human injuries and all of them were cleared out in less than half an hour from its occurrence. 


9 CONCLUSION 


Due to the deficiencies of the T4 tunnel regarding tunnel safety requirements, its location and 
its special characteristics in combination with its ageing equipment, a rehabilitation plan had 
to be defined to upgrade the level of safety to “Category A” as per the ADR agreement, to 
perform heavy maintenance works on several safety systems and also to provide sustainable 
solutions for the tunnel operations that would also benefit the local community. 

The plan foresees that almost all tunnel systems are being upgraded based on a holistic tunnel 
safety concept, digital innovation and energy management. This rehabilitation approach had to 
be verified by a new Safety Documentation regarding the final status of the tunnel. 

The construction methodology (bi-directional traffic in one tube while constructing the 
other) and the requirement that all HG-DGV to be allowed through the tunnel during the 
construction period, pose significant challenges in the operation and the construction. The 
risk had again to be substantiated through a Safety Documentation especially for the con- 
struction period. As a result, special provisions, technical and operational, had to be imple- 
mented involving all shareholders before the start of main rehabilitation works. 

On top of above, the Covid pandemic and the geopolitical conditions (Ukraine war) in com- 
bination with the tunnel defects found during construction are expected to have an impact on 
the projects’ duration and financing, making its management even more complicated. 

With a budget of more than €20M, it is the first tunnel upgrade project of this magnitude 
and complexity in Greece, that sets the basis as refence for future tunnel upgrades. 
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ABSTRACT: The dynamic responses of the ultra-shallow embedded tunnel, like GPST 
(ground penetrating shield tunnel), remain unclear compared to regular shield tunnels. In this 
paper, large-scale shaking table tests are performed to investigate the dynamic responses of the 
GPST. The physical model is designed to reproduce the system composed of tunnel launching 
and arrival at the ground level. The buried depth of the model tunnel ranges from -0.5D to 
+0.5D. The site-specific earthquake motion is adopted as seismic excitations along the transverse 
direction. The acceleration response, diameter deformation ratio, joint extension and dynamic 
earth pressure are investigated to reveal the dynamic characteristics of GPST. The results show 
a significant correlation between dynamic response and buried depth. In terms of acceleration 
response, the acceleration response increases with the decrease of the buried depth. Specifically, 
the acceleration of the tunnel at the shallowest buried depth reaches four times the input motion. 
Moreover, the structure has the ‘whiplash effect’; the overground structure oscillates violently 
due to earthquakes. However, the diameter deformation and joint opening response are opposite, 
showing that the diameter deformation response gradually increases with burial depth. 


1 INTRODUCTION 


The working shaft is essential to the construction of the shield tunnel for the departure and 
reception of the shield machine. The shallow-buried section is usually constructed by the cut- 
and-cover method. Therefore, it is necessary to adopt a long cut-and-cover tunnel. Due to the 
limitation of departure and reception of the shield machine in the working shaft, the buried 
depth of the shield tunnel in the traditional shield tunnelling method is generally not less than 
0.6 times the tunnel diameter(D). In addition, the construction of deep and large working 
shafts in the urban area will cause adverse effects on the traffic and environment and signifi- 
cantly increase the construction cost. Moreover, the departure and reception of the shield 
machine are more likely to cause accidents. 

The ground-penetrating shield tunnelling method means that the shield machine can start and 
arrive from the ground or a shallow guiding pit (Hitonari et al., 2009, Ding et al., 2014, Nakamura 
and Hazama, 2010). Therefore, deep working shafts and long open cut-and-cover tunnels could be 
omitted in GPST construction. Compared with the traditional shield tunnel method, the GPST 
method can significantly reduce the adverse impact caused by the construction of working shafts. 

Currently, the main research on the GPST method is focused on the design and calculation 
methods (Oldenhave, 2014), the control theory of shield machine attitude (Lu et al., 2014), 
anti-floating control, segment stabilization device (Zhang et al., 2013) of GPST, etc. However, 
the research on the seismic dynamic response of the GPST is still vacant. 
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In this study, the dynamic response of the GPST was studied by a series of large-scale shak- 
ing table model tests. In the experiment, the similitude ratios are obtained through the Buck- 
ingham-n theorem (Zhang et al., 2019). Based on the similitude ratios, the elastic modulus of 
the layered soil is controlled to be equivalent to that of the prototype stratum (Zhang et al., 
2020). Furthermore, the cross-sectional stiffness and longitudinal stiffness of the model tunnel 
are adjusted to be equal to the prototype tunnel to reproduce the stress and distortion of the 
GPST. The acceleration, cross-sectional deformation, extension of the longitudinal joints, and 
the dynamic normal earth pressure are investigated in the shaking table test to manifest the 
dynamic response characteristics of the GPST. 


2 TEST DESIGN 


2.1 Testing facilities 


The test is carried out on the multi-functional shaking table system in Tongji University. The 
rectangular shaking table used in this test is 10 m long and 6 m wide. The table could move in 
three degrees of freedom in the horizontal plane, transverse, longitudinal and rotational, 
respectively. The load capacity of the table is 140 tons. The maximum acceleration output is 
1.5 g, and the frequency of operation is from 0.1 Hz to 50.0 Hz. 

The laminar box is installed to simulate the horizontal shear behavior of the soil under 
transverse and longitudinal excitation. The exterior dimensions of the laminar box are 
10.1 m x 6.1 m x 2.1 m (length x width x height). The interior dimensions are 9.5 m x 
5.5m x 2.1 m (length x width x height). The main structure of the laminar box consists of 15 
steel frames (Wu et al., 2021). The slide devices are arranged between the steel frames, which 
produce horizontal shear movement between layers following the deformation of model soil. 


2.2 Similitude relationship 


Shaking table tests on shield tunnels should be performed on scaled models. The similitude 
relations in this research are obtained through the Buckingham-n theorem. In the design of 
the similitude ratio in this study, the similarity between the model and prototype of the shield 
tunnel and layered soil are matched respectively. On this basis, the structure-soil interaction 
(SSI) similarity is automatically satisfied. 

The similitude ratio of geometry, elastic modulus and density are the basic scale factor to 
deduce the similarity ratio of other unknowns. In particular, the size of the shaking table, load 
capacity, machining accuracy of the model, and the mechanical properties of the model mater- 
ials should be considered comprehensively. Under the above constraints, the geometrical 
similitude ratio (model to prototype) is set as 1/22.5. Considering the density of model mater- 
ials, the similitude of density is set as 1/2. Then, considering the limitation of acceleration 
similitude and elastic modulus of testing materials, the similarity ratio of elastic modulus is 
obtained as 1/45. The similitude ratio of acceleration can be derived as 1.0. Further, other 
similarity ratios can be derived according to Buckingham-n theorem. 


2.3 Model soil 


The prototype site is Shanghai’s soft soil site. A soil profile with a depth of 45.0m is considered. 
The synthetic soil was used in the test, of which the properties can be manipulated by adjusting 
the ratio of different components for specific purposes until an optimal match is found. The 
synthetic model soil used in this study comprises sawdust and sandy soil with a mass ratio of 
1:2.5. Under the control of 90 % relative compaction, the density of model soil is 860kg/m*. The 
average density of the prototype site is 1780 kg/m*, which meets the similitude of density. 

According to the resonance column test (RCT), the initial shear modulus of the model soil 
under different confining pressures is obtained. Then, according to the general fitting formula 
of the equivalent shear modulus of sandy soil proposed by Ishibashi (Ishibashi and Zhang, 
1993), the maximum shear modulus of soil under different confining pressures can be 
obtained. The fitting formula is as follows: 
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Gmax = f(n)oo” (1) 


Where n is the soil’s porosity, oo is the average effective stress, and f(n) is a function of 
porosity, which can be assumed to be constant. The fitted results are given in the model soil 
curve in Figure 1. 

Furthermore, the effective internal friction angle of the model soil is 30.7° tested by direct 
shear test. Assuming that the model soil has no viscosity, the relationship between soil burial 
depth and shear modulus can be obtained. Converted the shear modulus of the model soil to 
the prototype by similarity ratio, the shear modulus curve of both the model and prototype site 
was plotted in Figure 1. It can be concluded that the shear modulus of the model soil at different 
depths matched well with the prototype site at the shear modulus similarity ratio of 1/45. 
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Figure 1. Shear modulus of model soil and prototype at different depths (similarity ratio 1/45). 


The dynamic parameters of the soil in the prototype site and the dynamic parameters of the 
model soil are further validated. The results show that the dynamic characteristic curve of the 
model soil is basically consistent with that of the prototype site soil under three different con- 
fining pressures of 20kPa, 50kPa and 100kPa. It is verified that this model can effectively 
simulate the dynamic effect of an accurate prototype site. 


2.4 Model tunnel 


According to the requirement of similitude ratios, the model segmental lining was designed. In 
light of the geometrical scaling factor of 1/22.5, the exterior diameter of the lining is 520mm, 
the thickness is 22mm, and the tunnel width is 67mm. 


Circumferential joint 
(Foamed silicone 
rubber) 


Lining segment 
(gypsum) 


Longitudinal steel wire \\ 


Longitudinal joint 


LÈ 
(silicone rubber) An 


A 


Circumferential steel bar 
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Figure 2. Model tunnel. 


Gypsum is adopted as the material for segmental lining to meet the density and elastic 
modulus similarity ratio. Silicone rubber is used to simulate the longitudinal joint, and 
foamed silicone rubber is used to simulate the circumferential joint. The circumferential bolt is 
modelled by carbon steel wire. The longitudinal bolt connection is simulated by applying pre- 
tightening force by steel wire rope, as shown in Figure 2. 
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The material properties of the model tunnel are further explained below. Through the experi- 
ment of orthogonal material properties of gypsum with different proportions of water to gypsum, 
the ratio of water to gypsum =1:2 was finally determined for the segmental lining. The density at 
this ratio was in line with the density similitude ratio. Furthermore, the cross-sectional and longi- 
tudinal stiffness of segments were tested by both numerical simulation and physical test to ensure 
that the cross-sectional stiffness and longitudinal bending stiffness met the requirements of the 
similitude ratio. On the basis of the above stiffness test, the Shore hardness of longitudinal seam 
silicone rubber was determined to be 60, and the corresponding elastic modulus was 3.62MPa. 
The Shore hardness of circumferential foamed silicone rubber simulation is 28, and the elastic 
modulus is 1.06MPa. The equivalent stiffness of longitudinal joints could be ensured by numerical 
simulation and static loading tests of the model lining. The longitudinal segment bolt was simu- 
lated by eight 1.5mm diameter steel wires, and the preload of the longitudinal contact surface was 
set to 210N to ensure the accuracy of the longitudinal bending stiffness of assembled tunnels. 

The assembled tunnel is shown in Figure 3. The buried depth of the tunnel ranges from 
-0.5D to 0.5D, in which a negative buried depth indicates that the tunnel roof is exposed 
above the ground. In Figure 3, two tunnels are arranged parallelly, and the other tunnel 
adopts seismic absorption measures, which will not be discussed in this paper. 


Figure 3. Assembly of the model tunnels. 


2.5 Sensor arrangement 


Figure 4 shows seven observation sections in the buried depth range of -0.5D to 0.5D. In each 
section, the acceleration of the tunnel roof, the 45° diameter deformation, the extension of the 
longitudinal joint and the dynamic earth pressure were observed. 


Test cross section 


-0.5 -0.375 -0.25 -0.125 0.0 0.25 0.5 
Buried depth/D 


Figure 4. Test cross sections for monitoring. 


2.6 Input motion and test case 


Shanghai artificial wave, as shown in Figure 5, was input to investigate the response of the 
GPST. The peak input acceleration was set at 0.07g and 0.14g, respectively. Only the trans- 
verse input condition will be discussed in this paper. That is, the direction of the input seismic 
wave is perpendicular to the tunnel axis. 
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Figure 5. Acceleration and Fourier amplitude of input wave. 


3 SEISMIC PERFORMANCE OF THE GPST 


The acceleration response of the tunnel roof, the diameter deformation ratio response, the 
extension of longitudinal joint, and the dynamic normal earth pressure response are investi- 
gated. Specifically, two symmetrical linear variable displacement transformers (LVDT) are 
arranged at each section to measure the diameter deformation ratio. Four strain gauges were 
arranged at the symmetrical position of each section to measure the extension of longitudinal 
joint, and the average extension was selected as the analysis index. In terms of earth pressure, 
the earth pressure at the horizontal axis of each section is selected for analysis. In addition, all 
analysis indicators in this section are presented as model responses (see left coordinate axis) 
and prototype responses (see right coordinate axis), respectively. 


3.1 Acceleration response 


Figure 6 shows the tunnel segment’s acceleration and Fourier spectrum response. Note that 
the input ground motion amplitude is 0.07g. 
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Figure 6. Acceleration response of model tunnel (0.07g). 


It can be derived from Figure 6 that the acceleration amplitude of the tunnel roof increases 
significantly as the burial depth decreases. Compared with the input ground motion, the 
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amplitude of acceleration response is three times that of the input motion. In terms of frequency 
response, the main frequency band of structural acceleration response is concentrated at about 
8.8Hz. In the above-ground section, i.e., buried depth less than 0, the second-order response of 
the structure is significant at about 30Hz, of which the peak intensity is about 50% of the first- 
order frequency. In general, the acceleration response of the above-ground segment is the same 
as that of the underground segment when the frequency is less than 20Hz. However, in the high- 
frequency part, the response of the above-ground segment structure is enormous; that is, the 
above-ground segment tunnel structure has significant high-frequency vibration characteristics. 

Figure 7 shows the relationship between the maximum acceleration response at the top of 
the structure and the buried depth of the tunnel. 
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Figure 7. Acceleration response at different buried depth. 
The acceleration amplification ratio F, is shown in the label, which can be defined as 


Fy = tunnel / input (2) 


In which @unnet and Ginpur are the peak acceleration response of the tunnel and excitation, 
respectively. It can be derived from the figure that, with the decrease in burial depth, the peak 
acceleration of tunnel generally saw an increasing trend. Especially if the buried depth is less than 
-0.25D, the acceleration amplification ratio of the structure is greatly amplified. On the other 
hand, the ratio of rare earthquakes (0.14g) is more significant than that of fortified earthquakes 
(0.07g), which shows the nonlinear characteristic of the acceleration response of tunnel segments. 


3.2 Cross-sectional deformation 


Figure 8 shows the relationship between the peak response of cross-sectional deformation 
(45°) and the buried depth of the tunnel. The diameter deformation ratio is shown on the label 
alongside the curve. 
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Figure 8. Cross-sectional deformation at different buried depth. 


Generally, the cross-sectional deformation response tends to increase with the increase of 
the buried depth, which is contrary to the acceleration response. Specifically, the cross- 
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sectional deformation ratio increases simultaneously with the buried depth in the underground 
section (D<0). In the above-ground section, the deformation ratio fluctuates, and the response 
is insignificant. According to the wave propagation theory of free field, the response of accel- 
eration amplitude reaches a maximum near the ground’s surface. However, the shear strain 
goes to a minimum value, which is consistent with the test in this study. 

In terms of the extreme value of diameter deformation ratio, the response of a rare earth- 
quake is 3.7 times the response of a fortified earthquake. The deformation ratio is far more 
than the ratio of input motion (2.0), which shows strong nonlinear characteristics. 


3.3 Extension of longitudinal joint 


Figure 9 shows the average value of extension of longitudinal joints. 
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Figure 9. Extension of longitudinal joint at different buried depth. 


The variation trend of a longitudinal joint response with burial depth is strongly consistent 
with that of cross-sectional deformation, which shows that the extension of longitudinal joints 
increases with burial depth. The most unfavorable burial depth is 0.25D. The maximum 
response under a fortified earthquake is 0.014mm, and that under a rare earthquake is 
0.0608mm, which are 0.32mm and 1.37mm in the prototype tunnel. The response under a rare 
earthquake is 4.3 times the response under a fortified earthquake, and the tunnel has an unre- 
coverable nonlinear response. 


3.4 Dynamic normal earth pressure 


Figure 10 shows the normal dynamic earth pressure response at the horizontal axis position of 
each section. 
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Figure 10. Dynamic earth pressure at horizontal axis at different buried depth. 


Generally, the earth pressure response increases with the increase of buried depth. The earth 
pressure response decreases sharply when D is less than 0. In the case of rare earthquake input 
(0.14g), the dynamic earthquake pressure reaches 2.0kPa at 0.5D, which is equally 150kPa in 
the prototype. Namely, the dynamic earth pressure is 60% of the static earthquake pressure. 
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The changing law of dynamic earthquake pressure also explains the trends of longitudinal 
joints’ extension and cross-sectional deformation. As the buried depth of the structure 
becomes shallower, the lateral constraint of the stratum becomes smaller, and the relative 
deformation of the structure also decreases. 


4 CONCLUSIONS 


This paper has presented an experimental study on the seismic performance of the ground- 
penetrating shield tunnel in soft soil under transverse excitations. The following conclusions 
could be drawn. 


1. With the burial depth decreasing from 0.5d to -0.5d, the acceleration response of the tunnel 
roof increases dramatically. In particular, the acceleration response at the top of the struc- 
ture is more significant in rare earthquake conditions. Therefore, the whiplash effect could 
be observed at the top of the tunnel. 

2. The responses of extension of longitudinal joints and cross-sectional deformation are 
strongly correlated. The deformation response increases with the increase of burial depth, 
which is contrary to the acceleration response law. 

3. With the increased buried depth, the dynamic earth pressure saw an increasing trend, and the 
constraint of stratum is more significant. In other words, the response of the underground 
section (D < 0) is controlled by soil-structure interaction, and the response of the above- 
ground section (D > 0) structure is controlled by the natural vibration of the segments. 
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ABSTRACT: The light-disturbance grouting technology has been widely used to rehabilitate 
the excessive deformation of tunnels caused by the unexpected surface surcharge. This study 
focuses on the effect of grouting with different grouting volumes on an over-deformed shield 
tunnel. Mean-while, the random finite difference method is adopted to consider the spatial vari- 
ability of soil. The compression modulus of soil is highlighted and simulated with an anisotropic 
random field discretized by the Karhunen-Loeve expansion. After being verified by a typical case, 
Monte Carlo simulations are executed to quantitatively evaluate the influence of grouting on the 
mechanical response of tunnels under different grouting volumes considering the soil spatial vari- 
ability. Results demonstrate that the soil spatial variability can affect the rehabilitation of the 
tunnel with the same grouting volume. Meanwhile, the distributions of the ratio of un-certainty 
results to its corresponding deterministic results under different grouting volumes are consistent. 


1 INTRODUCTION 


With many large-scale metro being constructed, more and more metro tunnels have been put into 
operation in China. As the main form of the metro tunnel (Xie et al. 2022), the shield tunnel also 
faces more and more challenges during its operation. Taking the Shanghai metro for example, the 
tunnel accidents caused by excessive surface surcharge are dominant according to the statistics 
(Huang & Zhang. 2016). The excessive surcharge causes large transverse deformation of the shield 
tunnel, resulting in a series of diseases such as leakage, cracking, yield of bolts and so on (Yuan 
et al. 2013). In turn, these diseases aggravate the deformation, threatening the operation and struc- 
tural safety. Therefore, the targeted reinforcement measures are needed, including internal struc- 
ture reinforcement and external ground reinforcement. Bonding strong steel plates or aromatic 
polyamide fiber-reinforced plastic (AFEP) sheets may help to enhance the bearing capacity and 
structural stiffness (Liu et al. 2017) but could not rehabilitate the deformation. As the external 
ground reinforcement, grouting on the both sides of the tunnel which is called the light- 
disturbance grouting technology is a common method to rehabilitate the large deformation of the 
tunnel (Zhang et al. 2019b). By grouting certain volumes of the cement slurry and sodium silicate, 
the grouting area on both sides produces an expansion effect and applies lateral additional stress 
to the tunnel to control and even rehabilitate the deformation. Due to the spatial variability of 
soil, there is a significant uncertainty in the recovery effect of the tunnel despite the strict control 
of the grouting parameters in practice. Meanwhile, the spatial distribution of the slurry veins of 
the mixture in the grouting area has an obvious randomness, as shown in Figure la. But the final 
whole mixture is shaped like a column formed in the grouting area on both sides of the tunnel due 
to the low-pressure and uniform grouting process with the quick-setting slurry (Zhang et al. 
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2019a), as shown in Figure 1b. This makes it possible to simplify the relevant numerical simula- 
tion. However, the current studies of grouting reinforcement on tunnel rarely consider the spatial 
variability of soil and does not reflect the uncertainty of the grouting effect under strict control of 
grouting parameters such as the grouting volumes. Therefore, this paper establishes a random 
finite difference model by FLAC 3D and simulates the light-disturbance grouting technology by 
applying constant expansion stress. Based on the verification of the numerical model, the influence 
of soil spatial variability on the recovery effect of the tunnel by grouting is explored, and the grout- 
ing effect of different grouting volumes is further analyzed, providing a reference for prediction of 
the grouting effect in practice. 
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Figure 1. The light-disturbance grouting technology in practice: (a) Distribution of slurry veins in part 
of the mixture; (b) Transverse section of grouting process. 


2 RANDOM FINITE DIFFERENCE ANALYSIS 


2.1 Numerical modeling 


According to a typical rehabilitation case in Shanghai (Zhang et al. 2019a, b, Zhang et al. 2018), 
a numerical model in FLAC 3D with 6062 mesh zones and 12408 grid points is illustrated in 
Figure 2. In this model, the soil domain is set as 17.77 D in width and 8.26 D in depth (i.e., D is 
the outer diameter of the shield tunnel) to weaken the impact of boundary effects. The shield 
tunnel surrounded by the spatially variable soil with its outer diameter D = 6.2 m, the width of 
a ring b = 1.2 m, lining thickness ¢ = 0.35 m, and cover depth C = 16.4 m is considered. Mean- 
while, the tunnel lining consists of six prefabricated segments including a crown segment, 
a bottom segment, two standard segments, and two adjacent segments in Figure 2a. The segmen- 
tal linings are modeled by liner elements with a linear elastic model and the joints between two 
neighboring segments are simulated by the links between neighboring liner elements (Huang et al. 
2006) shown in Figure 2b. The links between the neighboring segment elements are established as 
linear springs and the parameters of links include the normal stiffness k,, shear stiffness k, and 
rotational stiffness kp, and the value of k,, is set to be 2x10!° kN/m, the value of k, is set to be 
2x10'° kN/m, and the value of kg is set to be 3x10* kN/m according to Huang et al. (2006). The 
ten times the equivalent stiffness of the nearest neighbor area can be taken as the value of k,, and 
k, of links between the meshes of soil and segments (Do et al. 2013). The material parameters of 
the segmental linings are set with an elastic modulus of 35495 MPa, unit weight of 25 KN/m?, and 
a Poisson’s ratio of 0.167 (Zhang et al. 2019a). The soil is regarded as a homogeneous single layer 
characterized by the hardening soil model (Schweiger et al. 2009) and its parameters are shown in 
Table 1. The compression modulus E,;.2 is considered to be a spatially random property in this 
study and its multiple relations between the other parameters including Ele ES and ES, is 
taken as a constant value (Liang et al. 2017, Wang et al. 2012). 
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The grouting area on both sides of the tunnel is covered by red in Figure 2 with its height 
h = 5.1 m and width w = 1 m, consisting of six meshes on both sides of the tunnel respectively. 
The interval between the grouting area and the tunnel is 3m. In practice, the grouting starts 
from the bottom of the grouting area, grouting uniformly, slowly, and continuously from the 
bottom to the top. After grouting on one side is completed, grouting on the other side is car- 
ried out to reduce excessive disturbance to the tunnel. In this paper, applying the isotropic 
and constant expansive stress on the meshes in the grouting area is used to simulate grouting 
with the constant pressure (Zhang et al. 2019a) in Figure 2c and the volumetric strain incre- 
ment is used to characterize the grouting volume. Figure 3 shows the flow chart of the grout- 
ing simulation. Before grouting, the target volumetric strain increment vp is need to be set 
according to the trial calculation. Then the grouting meshes are numbered in the order shown 
in Figure 2d to simulate the grouting process in practice. In the process of grouting simula- 
tion, when the volumetric strain increment v; of a mesh reaches the target volumetric strain 
increment vo, the grouting of the next mesh is carried out. When twelve grouting meshes are 
completed, the procedure terminates. Finally, the whole simulation procedure of rehabilitating 
an over-deformed shield tunnel using the grouting-based technique is decomposed into four 
phases including tunneling, extreme surcharge, unloading, and rehabilitation by grouting. 
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Figure 2. Finite difference model and boundary conditions: (a) Mode of the tunnel lining; (b) Simula- 
tion of the joint using link; (c) Grouting by applying expansive stress; (d) The number of the grouting 
mesh. 


2.2 Random field model of compressibility modulus 


As mentioned above, compression modulus E,ı-2 within the soil is spatially varied. To avoid 
negative values, the lognormal distribution is adopted herein to characterize the variability of 
compression modulus (Huang et al. 2017). The lognormal distribution of E,;-. means that Ing,1-2 
is normally distributed. The mean åmgsı-2 and standard deviation ¢mgsı-2 of the normal distribu- 
tion of lngsı-2 are given by: 


1 
NinEs 2 = Intr,, 2 7 oe (1) 


Cink. = 1 n(1 + COV; ,) (2) 
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Table 1. Parameter of soil mechanics. 
Parameter Meaning Value 
y Unit weight 1800 kN/m? 
Vur Poisson’s ratio unloading-reloading 0.3 
g' Friction angle 27.3° 
c' Cohesion 3 kPa 
Ko Coefficient of earth pressure at rest l-sing' 
m Exponent of the Ohden/Janbu law 0.8 
prt Reference stress for the stiffness parameters 100 kPa 
Ry Failure ratio 0.9 
y Angle of dilatancy 0 
Eso Compression modulus 4 MPa 
Ee Secant modulus for primary triaxial loading Ey1-2 

ref Secant modulus for un- and reloading 5 Ey1-2 
ET, Tangent modulus for oedometric loading Ey3-2 


Set target volumetric 
strain increment vo 


Find No. | grouting mesh 


Set initial volumetric 
strain increment v; = 0 


oj = Gj + pj\(J =X,Z) 


Calculate to equilibrium 
and acquire new v; 


mesh 


Figure 3. Flow chart of grouting simulation. 


Next target 


The scale of fluctuation (SOF) in random field modeling includes the horizontal and vertical 


directions. In this paper, the correlation matrix is built with the anisotropic exponential auto- 
correlation function following the previous studies (Huang et al. 2017): 


p(An, Ay) = exp -2 (Gee) (3) 


where 6, and ô, denote the scale of fluctuation in the horizontal and vertical directions, 


respectively; A, and A, denote the horizontal and vertical distances between any two points; 
p (An, A,) presents the correlation coefficient between two points. 
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The random field is discretized by the Karhunen-Loeve expansion technique in this study. 
The compression modulus F,).. for each mesh is assigned by the random field value at the 
centroid of each mesh. 


2.3 Calculation case setting 


In this paper, only the compression modulus E,ı-2 and the parameters have multiple relation- 
ships with it including E% „EW and E", are changed by random analysis. The other parameters 
of the soil remain unchanged. Previous studies have shown that the vertical SOF of the soft soil 
in Shanghai is generally far less than its horizontal SOF, showing obvious horizontal stratifica- 
tion characteristics. Therefore, combining the character of soft soil (Zhang et al. 2021) in this 
case and the size of mesh in this model, the COV of Esı-2 is fixed at 0.3. The horizontal and 
vertical SOF is fixed at 60 m and 1.5 m, respectively. On this base, the influence of different 
grouting volumes on tunnel rehabilitation is explored. After the verification of this numerical 
model, the grouting volume Vo of the numerical model for this case is regarded as the standard, 
and when the grouting volumes are 0.5 times, 1.5 times, and 2 times Vy, the recovery effect of 
the tunnel is calculated respectively, namely characterization by relative grouting volumes. 

The first step for uncertainty analysis is to determine the number of Monte Carlo simulations 
(MCS). A suitable MCS calculation number is critical which can balance the calculation accuracy 
and efficiency well. The MCS calculation number N is used to simulate the random fields of the 
soil for each case in this study. The effect of calculation number N on the variations of calculated 
mean value and standard deviation (STD) of horizontal convergence 4D, is shown in Figure 4. 
Both the variation of mean and STD are converged to the scenario with a value larger than 250. 
Thus, the calculation number N of MCS is fixed at 250 for the subsequent uncertainty analyses. 
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Figure 4. The converging trend of horizontal convergence before and after grouting statistics: (a) Mean 
of AD,; (b) STD of ADy, 


24 Validation of random finite difference model 


To verify the rationality of the random finite difference model in this paper, the random finite 
difference calculation is carried out with the grouting parameters consistent with the support- 
ing case. The results of the numerical simulation are compared with the supporting case. 
Meanwhile, taking the normalized convergence reduction Y (Zhang et al. 2019b) as the com- 
parison index, the formula is as follows: 


AD, = AD gefore = AD after (4) 
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D, 
Y= ere (5) 
AD before 


where ADpejore and ADayier are horizontal convergence before and after grouting respectively, and 
AD, is the convergence reduction caused by grouting. 

The results of the random finite difference model are compared with the results from Zhang 
et al. (2019a), as shown in Figure 5. To avoid boundary effects, the results of rings (No.352 to 444) 
are compared here. As shown in Figure 5, the mean of the normalized convergence reduction Y in 
this study is 24.70%, whose error with Zhang et al. (2019a) is only about 2%. Besides, the Mann- 
Whitney test is used to compare the histogram between calculated Y in this study with Zhang 
et al. (2019a). The pmw value with Zhang et al. (2019a) is 0.697. The payw value is greater than 
0.05 means that the set of samples is coming from the same probability distribution with a 95% 
confidence which also validates the rationality of the proposed random finite difference model. 
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Figure 5. Histogram comparison of normalized convergence reduction calculated by validation model 
with Zhang et al. (2019a). 


3 RESULTS AND DISCUSSIONS 
For a better comparison of the different grouting volumes, the deterministic results of different 
grouting volumes are calculated firstly, as shown in Table 2. Table 2 indicated that in the deter- 


ministic analysis, with the increase of grouting volume, the convergence reduction of tunnel grad- 
ually increases, which means that the larger the grouting volume is, the better recovery effect is. 


Table 2. The deterministic result under different grouting volumes. 


Different relative grouting volumes Horizontal convergence reduction 4D, (mm) 
0.5 15.43 
1.0 25.17 
1.5 30.61 
2.0 35.62 


On this base of the deterministic results, Figure 6 shows the distribution histogram of conver- 
gence reduction 4D, under four different grouting volumes. It can be seen from Figure 6 that 
when the relative grouting volume increases from 0.5 to 2, the development trend of the mean 
value of the convergence reduction is consistent with the deterministic results, while the coefficient 
of variations does not change much. The black dash line in Figure 6 is the deterministic result of 
the supporting case. By comparison, when the relative grouting volume is 0.5, the maximum con- 
vergence reduction 4D, does not exceed 25.17 mm. On the contrary, the minimums of convergence 
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reduction AD, are both larger than 25.17 mm when the relative grouting volumes are 1.5 and 2.0. 
Meanwhile, the range of convergence reduction gradually becomes large with the increase of the 
grouting volume. 


10 15 20 25 30 35 40 45 50 
Convergence Reduction 4D, 


Figure 6. Histograms of the convergence reduction AD, after grouting with different grouting volumes. 


To compare the distribution of the convergence reduction under different grouting volumes, the 
convergence reduction is normalized based on the deterministic results of different grouting vol- 
umes respectively, namely relative convergence reduction ADp: 


ADR = AD,-~ran/ AD;—<der (6) 


where AD,..-an and AD,-det are convergence reductions of the random and determinate results 
respectively. 

Then the Mann-Whitney test is used to compare the histograms between each other as shown 
in Figure 7a. It can be seen from Figure 7a that the distribution of the relative convergence reduc- 
tion under different grouting volumes after normalization follows the log-normal distribution. 
After the Mann-Whitney test, the sample of relative convergence reduction under four grouting 
volumes are coming from the same probability distribution with 95% confidence. The mean value 
of the convergence reduction under different grouting volumes is compared with the deterministic 
results drawn as the curve in Figure 7b. As shown in Figure 7b, the trend of the two curves is the 
same. The mean value of the uncertainty results is significantly larger than the deterministic 
results, and the difference between the mean value of the uncertainty results and the deterministic 
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Figure 7. (a) Histograms of the relative convergence reduction 4D after grouting with different grouting 
volumes; (b) Comparison of deterministic and uncertain results after grouting with different grouting 
volumes. 
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results is gradually increasing. However, combining the black dash line indicates the 1.0 position 
in Figure 7a, the ratio of uncertain results to deterministic results is about 1.03 under different 
grouting volumes, which means that the influence of soil spatial variability on the grouting effect 
is within 5 %, under the condition of 0.5 times to 2 times the grouting volumes of the actual case. 


4 CONCLUSION 


Based on a specific engineering case, this paper analyzes the influence of rehabilitation of tun- 
nels by grouting with different grouting volumes considering the spatial variability of soil 
through the random finite difference model. The main conclusions are as followed: 


(1) The random finite difference model considering the spatial variability of soil can better simu- 
late the rehabilitation of tunnels by grouting in practice. The calculation results of the model 
have a good predictive value for reflecting the grouting effect of a section of the tunnel. 

(2) Under the condition of spatially variable soil, the larger the grouting volume is, the larger the 
distribution range of convergence reduction is. The ratio of uncertainty analysis to its corres- 
ponding deterministic results under different grouting volumes obeys the lognormal distribution. 

(3) The mean value of the uncertainty result is greater than the deterministic result. With the 
increase of grouting volume, the difference between the mean value and the deterministic 
result gradually increases, but their ratios are basically the same. 
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ABSTRACT: Aiming at the 5.9 m inner diameter segment structure of a metro tunnel in 
a coastal city of China, the bearing performance and damage law of segments under extreme 
unloading conditions are experimentally studied based on the full-scale test loading platform 
of Tongji University. The test results show that in the design load stage, the horizontal and 
vertical convergence deformation and internal force of the segment increase linearly with the 
change of external load, and the increase is less than 18%. The maximum deformation and 
internal force of the segment mainly occur at the arch waist. After entering the unloading 
stage, the transverse and vertical convergence deformation of the segment increases obviously. 
The maximum transverse and longitudinal deformation of the structure in the final failure 
state is 185 mm and 189 mm respectively. Hence, it means that the tunnel enters the unloading 
condition when the lateral deformation rate of the tunnel is greater than 20% in the actual 
project. At this time, reinforcement measures should be taken as soon as possible to intervene 
against the impact of lateral unloading on the tunnel structure. The corresponding transverse 
convergence deformation of the first longitudinal seam bolt when yielding is 149 mm, and the 
corresponding transverse convergence deformation of the first circumferential seam bolt when 
yielding is 169 mm. In the final failure state, segment cracks mainly occur at the top, bottom 
and the arch waist of the tunnel structure. At the same time, the convergence deformation of 
segment structure at these locations is relatively larger. The experimental results can provide 
a scientific basis for optimizing segment structure design and carrying out structural safety 
evaluation. 


1 INTRODUCTION 


As an important part of shield tunnel, the mechanical properties of lining segments have 
always been the focus of attention in the engineering field (Arnau and Molins, 2012; Koyama, 
2003; Yuan et al., 2012). The opening of the subway is often accompanied by the construction 
and excavation of the surrounding areas, which causes the overload and unloading of the 
shield tunnel structure. The overloading and unloading effects can cause local damage to the 
tunnel structure. The further development of local damage will cause the overall damage of 
the shield tunnel structure, which will affect the normal operation of the tunnel and even 
endanger the safe running of subway vehicles (He and Wang, 2013). 
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At present, there have been more studies on the mechanical properties and damage and fail- 
ure laws of subway shield tunnels under complex external loads. Liu et al. (2015, 2013) studied 
the ultimate bearing capacity and stress mechanism of the shield tunnel structure under the 
ultimate bearing state through the full-scale test of the shield tunnel structure. Under the 
ultimate bearing state, the segment joint concrete was compressed and destroyed, and the 
overall deformation of the segment presented a “horizontal duck egg” shape. Huang et al. 
(2019a, 2019b) analyzes the vertical earth pressure, soil settlement and tunnel deformation of 
the tunnel overlying soil layer under the action of surface overload through model tests of the 
interaction between the tunnel and the stratum, and points out that the uneven degree of 
settlement of the tunnel overlying soil and the mechanical properties of the overlying soil 
under the action of surface overload have an impact on the uneven degree of vertical earth 
pressure distribution of the tunnel overlying soil layer, and then affect the tunnel deformation. 
Schreyer et al. (2000) and Liu et al. (2018) used full-scale full-scale tests to verify the overall 
bearing capacity of the Elbe River Highway Tunnel in Germany, and clarified the correspond- 
ing relationship between the bearing capacity and deformation of the shield tunnel lining 
structure. Based on the principle of finite element, Blom et al. (1999) used the finite element 
software ANSYS and Diana to carry out three-dimensional simulation of the lining ring struc- 
ture of the Dutch “green heart” tunnel, and combined with the three-ring full-scale test of the 
shield tunnel to carry out in-depth research. The stress path obtained by analysis and calcula- 
tion is highly related to the test results. 

In existing projects, segment structures of shield tunnels are often required to have different 
geometric parameters due to special geological conditions. In view of the special geological 
conditions and high-strength development along the line of a domestic subway line, this paper 
analyzes the overall bearing capacity of segment structures under extreme unloading condi- 
tions through 1:1 three ring full-scale test. The analysis results can provide a scientific basis 
for optimizing segment structure design and carrying out structural safety evaluation. 


2 TEST SCHEME DESIGN 


2.1 Segment structure 


The outer diameter of the tunnel segment structure used for the test is 6.7 m, the inner diam- 
eter is 5.9 m, the segment thickness is 0.4 m, the segment width is 1.2 m, the segment concrete 
strength grade is C50, the longitudinal and circumferential joints are connected by bolts, the 
bolt strength is 8.8, the circumferential joints are provided with concave and convex tenons, 
and the segment parameters are shown in Figure 1. 


5900mm 


6700mm 


180° 


Figure 1. Segment structural parameters. Figure 2. Segment full-scale experiment. 
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The single ring lining is composed of three standard blocks, two adjacent blocks and one 
capping block. The “3+2+1” blocking method is adopted. The “A-B-A” staggered joint 
assembly form is adopted between the longitudinal rings of the tunnel. The capping block is 
located at a position 22.5° away from the top of the segment ring. During staggered joint 
assembly, it rotates back 45° to assemble. Six longitudinal joints are connected by a total of 12 
circumferential bolts. The longitudinal bolts are evenly distributed with an interval of 22.5°, 
and a total of 16 longitudinal bolts are arranged. The full-scale test segment structure is 
shown in Figure 2. 


2.2 Test loading mode 


Horizontal loading is adopted in the test, and normal design load and unloading conditions 
under embedded conditions are designed (Feng et al., 2018). Each loading stage before the 
load reaches the maximum design load of the test is called the design load stage; each stage 
after the load reaches the maximum design load stage of the test is called the unloading stage. 

All horizontal loads are divided into 3 groups, namely P;, Pa and P3. P; consists of 6 load- 
ing points, P» consists of 10 loading points and P3 consists of 8 loading points (Bi et al., 2014; 
Lu et al., 2012; Molins and Arnau, 2011). The load value of each loading point in the group is 
the same, and the loading process is completely synchronized. The loading mode is a mixed 
loading mode of first load control and then displacement control. This full-scale test explores 
the impact of extreme unloading of deep foundation pit excavation on the mechanical charac- 
teristics of shield tunnel segment structure under the condition of 15m buried in the middle. 
The load application process in the test is as follows: 


i) Pı is loaded from 0 kN to 0.8 times of the maximum design load (i.e., 284.96 kN) in 
eight stages, of which 35.62 KN is loaded at each stage. P> = 0.7P; and P3 = 0.85P; are 
maintained during the process. At this time, the corresponding P, load is 199.472 kN 
and P3 load is 242.216 KN. 

ii) P is loaded from 284.96 kN to the maximum design load of 356.2 kN in four stages, of 
which the loading amount of each stage is 0.05 times of the maximum design load (that 
is 17.81 kN). In this process, P> = 0.7P; and P3 = 0.85P, are still maintained. At this 
time, P2 reaches the maximum design load of 249.34 kN and P} reaches the maximum 
design load of 302.77 KN. 

iii) Pz is unloaded from the maximum design load 249.34 kN to the limit state step by step, 
where in the reduction of P» at each stage is basically 0.1 times of its maximum design 
load, and the load of P, is maintained unchanged during this process. 


During the actual assembly process of segments of shield tunnel, they need to bear the jack 
thrust. After the assembly, there is a longitudinal constraint between adjacent segment rings due 
to the residual Jack thrust. Therefore, in the full-scale test, six vertical loading points are used to 
simulate the longitudinal constraint between segment rings. According to the actual construc- 
tion of metro shield tunnel, the jack thrust is taken as 1000 t and the thrust reduction coefficient 
is taken as 0.15. Therefore, the design load of each vertical loading point is 25 t. The specific 
loading process is shown in Figure 3. 


2.3 Test contents and layout of test points 


According to the results of finite element analysis and the relevant full-scale test result con- 
ducted by the Tongji University before (Xie et al., 2021; Zhang and Zhao, 2021; Putke et al., 
2015), in this full-scale test, only the positions with larger calculation results and the positions 
of the feature points are arranged for measuring points, and other positions are appropriately 
arranged. Select appropriate sensors according to the test accuracy requirements, including 
strain gauges, stress meters, displacement meters and pressure sensors. The specific test con- 
tents and sensor measurement accuracy are shown in Table 1, and the arrangement effect of 
each sensor is shown in Figure 4. 
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Figure 3. Loading step curve under unloading condition. 


Table 1. Sensor accuracy and test content. 


Sensor name Test content: Accuracy 
Rope type displacement meter Segment deformation 0.01 mm 
Ejector rod displacement meter Joint angle and stagger 0.01 mm 
Foil strain gauge Strain measurement of concrete, bolts and main rebar 1 ue 
Stress gauge Measuring gasket contact pressure 0.01 MPa 
scale Crack width measurement 1 mm 


Figure 4. (a) Rope type displacement meter; (b) rebar stress meter; (c) rebar strain gauge; (d) concrete 
strain gauge; (e) wrong platform test device and (f) bolt strain gauge. 


3 ANALYSIS OF TEST RESULTS 


3.1 Tunnel convergence deformation 


Figure 5 shows the overall deformation curve of segment structure at different load stages. It 
can be seen from the figure that with the step-by-step loading of the lateral load P2, the 
deformation characteristics of the tunnel structure at the top 0° and the bottom 180° appear 
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to be concave to the inside of the tunnel, and the deformation at the bottom of the segment is 
significantly larger than the deformation at the top. The deformation at the waist 90° and 
270° appears to the outside of the segment. Under the limit state, the overall deformation of 
the segment presents a “horizontal duck egg” shape. During the design load stage, the overall 
deformation amplitude of the segment is small. The relative deformation of the top and 
bottom positions of the segment corresponding to the maximum design load is only 
19.42 mm, and the relative deformation of the waist position of the segment is only 33.98 mm, 
with an increase of less than 18%. The maximum deformation occurs at the arch waist 
position. 

When entering the unloading stage, the overall deformation of the structure increases sig- 
nificantly. For example, when P2 is unloaded from 249 KN to 185 KN, the relative deformation 
of the top and bottom of the structure is 51.83 mm, with a relative increase of 74.7%, and the 
relative deformation of the segment waist is 69.8 mm, with an increase of 47.7%. When P» 
continues to unload to the limit of 124 kN, the relative deformation of the segment top and 
bottom reaches 113 mm, and the relative deformation of the segment waist reaches 135 mm. It 
can be seen from this that the deformation of the tunnel arch waist position should be paid 
attention to in the normal bearing stage for 5.9 m inner diameter segment structure. 

From the above analysis, it can be seen that the structural deformation of the arch bottom 
and the arch waist is more representative, so the convergence deformation of the middle ring 
arch crown and the arch waist is selected as the main analysis quantity, as shown in Figure 6. 
In the design load stage, the transverse convergence deformation and the vertical convergence 
deformation of the segment basically show a linear increase law. When P, exceeds 199 kN, 
both the transverse convergence deformation and the vertical convergence deformation 
increase slightly. When P, reaches the maximum design load of 249 kN, the transverse conver- 
gence deformation and vertical convergence deformation of the segment are 35 mm and 
39 mm respectively. After that, with the gradual unloading of P>, the increase of the horizon- 
tal and vertical convergence deformation of the segment increases significantly. When P» is 
unloaded to 131 kN, the segment enters a critical instability state, and the overall horizontal 
and vertical deformation of the segment structure starts to increase sharply. At this time, the 
horizontal and vertical convergence deformation of the segment reach 105 mm and 101 mm, 
respectively, with an increase of 66.7% and 61.3%. With the continuous unloading of P» load 
to 124 KN, the segment began to enter the ultimate failure state, and the segment structure 
reached the final failure state. Therefore, in the actual project, it is considered to monitor the 
impact of surrounding engineering activities on the tunnel structure by monitoring the devel- 
opment rate of tunnel convergence deformation during the operation period. Once the devel- 
opment rate is found to increase rapidly, reinforcement measures need to be taken as soon as 
possible to intervene the impact of lateral unloading on the tunnel structure. 


100 2 P2=99KN —s— P2=199kN —*— P2=249KN FN R oad +— Vertical deformation 
—~— P2=185kN —*— P2=146kN —4;~ P2=124KN en) 2AIKNA +— Transverse deformation 
Hs FS, critical instabitit 
$ \ 200 } ritical Ins nity 
i ys A \ iT “hk state 
E * Zz ‘7 ` } Ultimate failure 
£ => DAR: = 150 +$ . ts slate 
= 0 — s = = + Wie ee amin o-o-s 
N 3 
$ s M e À v 100- $? Uninstall phase ultimate load 121kN 
= ia Ne | N > 
-50 i f 50} * 
w + 
o d 
190 S eo i20 180. 240 300 360 0 30 I0 200 250 
Angle/? Convergent deformation/mm 


Figure 5. Overall deformation of middle ring Figure 6. Variation curve of convergence deformation 
at different loading stages. of middle ring with external load. 
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3.2 Internal force analysis of segment structure 


Taking the middle ring as the research object, the internal forces of 11 different sections were 
tested. In the internal force calculation, it is assumed that the section of the member is in the 
elastic stage under the operating condition. Figure 7 shows the variation law curve of the 
internal force of the middle ring with the transverse load P2, in which the bending moment is 
positive when the outer side of the segment is tensioned, negative when the inner side is ten- 
sioned, and positive when the segment is compressed and negative when the axial force is 
tensioned. 
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Figure 7. Internal force of middle ring changes with external load. (a) axial force and (b) bending 
moment. 


By analyzing the axial force change curve of the ring segment in Figure 7(a), it can be seen 
that the segment is always under pressure under the external load, that is, the axial force of 
the segment at each test point is initially positive. In the design load stage, the segment is in 
the elastic deformation stage, and the axial force of the segment increases slowly with the 
increase of the transverse load P2. When the transverse load reaches the maximum design load 
249 kN, the maximum axial force of the segment is 4815 kN and appears near the 260° pos- 
ition of the waist of the segment, which is consistent with the deformation law of the segment. 
After entering the unloading stage, the axial force at each key point starts to increase sharply. 
Under the limit failure state, the maximum axial force of the segment is 9492 kN, and the min- 
imum axial force is 1542 kN. 

By analyzing the curve of ring bending moment changing with load in Figure 7(b), it is not 
difficult to find that the bending moment near the top and bottom of segment ring is negative, 
and the bending moment near the waist is positive. The maximum negative bending moment 
appears near the arch crown 0° and the arch bottom 190°, and the maximum positive bending 
moment appears near the arch waist 135° and 265°. By comparing and analyzing the axial 
force and bending moment curves of the middle ring, it can be seen that the axial force and 
bending moment distribution of the middle ring segment have a certain correlation, and the 
corresponding axial force at the position with a large bending moment is also large. 


3.3 Damage and cracking of tunnel structure 


Figure 8 shows the distribution position of segment cracks under the final failure state of the full- 
scale test and the corresponding relationship curve with the convergence deformation of the 
middle ring. Figure 8(a) is the distribution of segment cracks on the inner arc surface, and 
Figure 8(b) is the distribution of segment cracks on the outer arc surface. A positive value indi- 
cates that the segment moves inward relative to the initial position, and a negative value indicates 
that the segment moves outward relative to the initial position. Comparing the crack distribution 
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with the deformation law of the segment, it is not difficult to find that the cracks mainly occur 
near the top and bottom of the tunnel and the arch waist with large convergence deformation, 
and the cracks on the inner and outer arc surfaces of the segment mainly occur within the action 
range of Pı and P, loads, and are mainly concentrated at the joints between the rings. 

Under the limit failure state, the inner arc surface cracks mainly occur in 345° ~ 15°, 90° ~ 
120°, 180° ~ 195° and 240° ~ 270°, and the outer arc surface cracks mainly concentrate in 345° 
~ 0°, 90° ~ 120°, 165° ~ 180° and 255° ~ 270°. Among them, there are serious falling blocks on 
the outer side of the top and bottom and the inner side of the arch waist, and there are many 
vertical cracks on the inner side of the top and bottom and the outer side of the arch waist. 
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Figure 8. Relationship between segment crack distribution and convergence deformation of middle 
ring. (a) segment inner arc surface and (b) segment outer arc surface. 


4 CONCLUSIONS 


Aiming at the segment structure with an inner diameter of 5.9 m, the full-scale test research on 
the bearing capacity of three ring staggered joint assembly was carried out. The overall 
deformation and internal force change laws of the segment structure under different design 
loads and unloading conditions, as well as the stress and crack distribution laws of the ring 
longitudinal joint bolts were analyzed. The change relations of various performance points 
under different load stages were elaborated, and the following main conclusions were drawn: 


(1) In the design load stage, the horizontal and vertical convergence deformation of the seg- 
ment basically increases linearly with the change of the external load, with the maximum 
increase not exceeding 20%. The maximum deformation of the segment and the internal 
force of the structure mainly occur at the arch waist. Therefore, in the normal bearing 
stage of 5.9 m inner diameter segment structure, attention should be paid to the deform- 
ation of the tunnel arch waist position. 

(2) In the unloading stage, the expansion of the transverse and vertical convergence deform- 
ation of the segment increases significantly. After entering the critical instability state, 
the overall transverse and vertical deformation of the segment structure starts to increase 
sharply, reaching the final failure state. At this time, the maximum transverse and longi- 
tudinal deformation of the structure is 185mm and 189 mm respectively. 

(3) In the final failure state, segment cracks mainly occur at the top, bottom and arch waist 
of the tunnel structure with large convergence deformation, and mainly concentrated at 
the joints between the rings. Among them, there are serious falling blocks on the outer 
side of the top and bottom of the segment and the inner side of the arch waist, and there 
are many vertical cracks on the inner side of the top and bottom and the outer side of 
the arch waist. 
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ABSTRACT: To investigate the ultimate bearing capacity of the stagger-jointed shield 
tunnel structure reinforced by steel plate in soft soil areas, a full-scale experimental test is car- 
ried out on the three rings of the steel plate reinforced shield tunnel. The convergence deform- 
ation, structural internal force, and the peeling conditions of the tunnel and the steel plate is 
obtained. The conclusions are as follows: The peeling between the steel plate and the tunnel 
segment is the main form of the damage of the reinforced structure, which occurs mainly near 
the tunnel capping block. When the steel plates at four positions are peeled off, the reinforced 
tunnel structure enters the yield stage. The research results of this paper provide a reference 
for the reinforcement of the stagger-jointed shield tunnels in the soft soil areas in the future. 


Keywords: Shield tunnel, Bearing capacity, Structure deformation, Steel plate reinforcement 


1 INTRODUCTION 


In recent years, more and more cities located in soft soil areas have carried out a large number of 
shield tunnel construction projects in order to develop public transport. In the daily inspection of 
shield tunnels, over limit convergence deformation can be observed in many subway sections. 
Because of the poor mechanical properties of the soft soil, the development trend of tunnel con- 
vergence deformation is generally faster than that in other areas. For example, the maximum lat- 
eral convergence deformation of Yurun Street-Yuantong section of Nanjing Metro Line 2, the 
soil around which is mainly silt, has reached 86.1 mm as of June 2019. The over limit convergence 
deformation of the shield tunnel structure will further cause secondary diseases of the structure, 
including water leakage, track bed void, etc. It has a serious impact on the reliability of the struc- 
ture and the safe operation of the subway line, and needs to take reinforcement measures. 

The tunnel reinforcement measures include the concrete secondary lining, the aramid fabric, 
the FRP or CFRP and the steel plate. Pan et al. (2016) used the method of finite element simu- 
lation to systematically study the bearing capacity of segments of the tunnel strengthened with 
aramid. Li et al. (2017) conducted a scale model experiment to study the failure mode and 
bearing capacity of the damaged shield tunnel strengthened with CFRP. Lu et al. (2019) stud- 
ied the mechanical characteristics of the shield tunnel reinforced with ultra-high-performance 
concrete by means of experiment and numerical simulation. 

Compared with other reinforcement methods, the steel plate reinforcement can effectively 
reduce the convergence deformation, improve the structure rigidity, and extend the service life 
of the shield tunnel. Many scholars have carried out research on the bearing capacity of the 
shield tunnel strengthened with steel plate. Liu et al. (2013) carried out a full-scale experiment 


DOI: 10.1201/9781003348030-406 


3351 


method to study the ultimate bearing capacity of single ring tunnel lining, and obtained the 
key performance point of the reinforcement structure. Bi et al. (2014) analyzed the stress pro- 
cess, failure mode and ultimate bearing capacity of the shield tunnel structure reinforced with 
steel plate. Liu et al. (2017) established a three-dimensional finite element model based on the 
test of segment lining structure implemented in Shanghai, and studied the mechanical behav- 
ior, deformation characteristics and failure mode of the steel plate reinforced tunnel. How- 
ever, most of the research was concentrated on the non-staggered shield tunnels, with no 
experiment conducted on the stagger-jointed shield tunnel, and the actual bearing perform- 
ance of the steel plate reinforced stagger-jointed tunnel is still unclear. 

Therefore, a full-scale experimental test is carried out on the three rings of the steel plate 
reinforced stagger-jointed shield tunnel. The convergence deformation, structural internal 
force, and peeling conditions of the tunnel and the steel plate is obtained, and the ultimate 
bearing performance of the reinforced structure is further analyzed. 


2 EXPERIMENTAL TEST 


2.1 Experiment specimen 


Three rings of the stagger-jointed shield tunnel with an outer diameter of 6.2 m are chosen to be 
tested as shown in Figure l(a). Each tunnel ring is composed of six segments including one cap- 
ping block (C), two adjacent blocks (B1 and B2) and three standard blocks (A1, A2, and A3). The 
thickness of the segment is 0.35 m, and the width per tunnel ring is 1.2m. 16 bolts are evenly dis- 
tributed around the circumferential joint and 12 bolts are arranged to connect the six segments in 
a tunnel ring. The typical stagger jointed assembly form of the metro shield tunnel is shown in 
Figure 1(b), and the tunnel rings after assembly is shown in Figure l(c). The steel ring used to 
reinforce the tunnel is composed of 6 steel plates, each of which has a radian of 60°, and all of the 
six steel plates are connected by electric welding. The thickness of the steel plates is 20 mm and the 
width is 850 mm. Epoxy resin is poured into the gap between steel plate and the concrete segment. 
It should be noted that the width of the steel plate is smaller than that of the tunnel ring, so the 
steel plate is located with the center line coincided with that of the tunnel ring. 
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Figure 1. Schematic diagram of experiment specimen: (a) Structure diagram of the shield tunnel 
(Middle ring); (b) Arrangement of the three rings stagger-jointed shield tunnel and (c) Three rings of the 
shield tunnel after assembly. 


2.2 Loading method 


2.2.1 Loading device 

The loading device for the experiment is composed of the reaction frame, load bearing beam 
and lifting jack as shown in Figure 2(a). The reaction frame is made of the high strength steel, 
which includes three main reaction rings and many auxiliary connecting parts. 24 loading 
points are arranged to simulate the loads acting on the tunnel such as the soil pressure and the 
ground overload as shown in Figure 2(b). The loading points are symmetrically divided into 3 
groups, among which P1 (6 loading points) is used to simulate the vertical force on the top of 
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the tunnel and the foundation reaction force on the bottom of the tunnel; P2 (10 loading 
points) is used to simulate the lateral force on the tunnel, and the value is the product of P1 
and the lateral pressure coefficient; P3 (8 loading points) is used to simulate the pressure in the 
transition section, and the value is the average of P1 and P2. In the experimental process, P1 
and P2 synchronously increase with a fixed ratio before the design load, and then P2 keeps 
unchanged while P1 continues to increase until the tunnel rings reach the failure state. 
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Figure 2. Schematic diagram of horizontal loading system. 


2.2.2 Simulation of longitudinal restraint force between rings 

In order to simulate the longitudinal restraint between tunnel rings in service, six uniformly 
distributed vertical loading points are designed to apply vertical loads to the test segments. 
The vertical load is calculated according to the jack thrust (1000 ton) of the shield machine 
during the construction period, and a reduction factor of 0.15 is considered. Thus, the design 
vertical force at each loading point is set to be 25 ton. The vertical loading device includes 
a vertical jack, a tensioning screw rod and a bearing base, as shown in Figure 3. 
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Figure 3. Schematic diagram of the vertical loading system. 


2.3. Measurement content 


The specific experiment contents and the accuracy requirement are listed in Table 1. In the 
experimental test, the convergence deformation and stress of the tunnel are measured to explore 
the ultimate bearing capacity of the steel plate reinforced tunnel, and the peeling state between 
the steel ring and the segment is measured to investigate the reasons of the structure failure. 


Table 1. Experiment content and the accuracy requirement. 


Experiment content Research content Accuracy 


Deformation measurement of the lining ring Cross sectional deformation of the lining ring 0.01mm 


Stress measurement of the lining ring Internal force of the lining ring lue 
Peeling between the steel ring and the segment Reasons of the structural failure 0.1mm 
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3 RESULT ANALYSIS 


3.1 Convergent deformation 


Taking the middle ring as the research object, the experiment is divided into the design load 
stage and the overload stage. It should be noted that when the P1 load exceeds 210 kN, the 
shield tunnel structure enters the overload stage. The relationship between the convergence 
deformation of the middle ring and the vertical load P1 is shown in Figure 4. 
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Figure 4. Relationship between the convergence deformation of shield tunnel and the load P1. 


It can be seen from Figure 4 that the convergence deformation of the tunnel structure increases 
approximately linearly with the external load before the design load. When the external load P1 
reaches the design load of 210kN, the lateral convergence deformation is 12.5 mm, and the vertical 
convergence deformation is 10.1mm. In the overload stage, when the load P1 reaches 300kN, the 
steel plate is stripped from the segment. The effect of steel plate reinforcement decreases gradually 
with the stripping of the steel plate and the segment. At this time, the lateral convergence deform- 
ation is 77 mm, and the vertical convergence deformation is 81mm. When the load P1 reaches 
330kN, the shield tunnel structure yields. At this time, the lateral convergence deformation is 
203 mm, and the vertical convergence deformation is 191mm. When the final load P1 is reduced 
to 263kN, the convergence deformation of the shield tunnel reaches 320mm, and the vertical con- 
vergence deformation is 293mm, which is the final failure state of the shield tunnel in this test. 

The comparison of the convergence deformation curves of the upper ring and the middle ring is 
shown in Figure 6. Note that the stage 1 in the figure means the design load stage; stage 2 means 
the time when the opening of one longitudinal joint reaches 6 mm; stage 3 means the time when 
the tunnel structure yields; stage 4 means the time when the ultimate deformation is achieved. As 
shown in the figure that the final convergence deformation of the upper ring and the middle ring 
takes on a horizontal ellipse shape, but differences can be observed in the position of the capping 
block and the arch waist of the tunnel. This is because there is a 22.5° staggered joint assembly 
angle between the two rings, and the stiffness at the same angular position is different. 


3.2 Structural internal force 


Figure 6 shows the internal force of the middle ring segment in the stage 1 and stage 3 (i.e., P1 
reaches 210kN and 330 kN). It should be noted that the bending moment is positive when the 
outer side of the segment is tensioned; the axial force is positive when the segment is compressed. 
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Figure 5. Convergence deformation curve under different load stages of (a) upper ring and (b) middle ring. 
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Figure 6. Comparison of internal forces of middle ring in the stage 1 and 3: (a)bending moment and (b) 
axial force. 


It can be seen from Figure 6 that the internal force of the tunnel structure at the design load 
stage (P1=210kN) is evenly distributed around the circumferential direction. The maximum 
bending moment and axial force of the tunnel segment is 64 kN:m and 734 kN, respectively. 
With the increase of the load, the positive and negative bending moment of the segment change 
significantly. At the yield stage of the structure (P1=330 kN), the maximum bending moment 
and axial force of the segment reach 365 kN-m and 1615 KN, respectively. At this stage, the 
phenomenon of uneven distribution of internal force is more serious, which is mainly reflected 
in the significant increase in the internal force at the right arch waist position. This can be 
explained that a longitudinal joint is located at the left arch waist, while the right arch waist is 
a complete tunnel segment block, which causes the difference in bending stiffness on both sides. 


3.3 Peeling displacement between steel ring and segment 


Taking the middle ring as the research object, the peeling amount between the steel plate and 
the segment at six longitudinal joints is measured. The number of the measuring points is 
named as BK1 ~ BK6. The peeling area between the segment and the steel plate is concen- 
trated between 305°~ 8°, 110°~ 153° and 245°~ 275°. The relationship curve between the peel- 
ing amount of each measuring point and the convergence deformation of the tunnel arch 
waist is shown in Figure 7. The convergence deformation of the tunnel arch waist when the 
steel plate begins to peel off from the segment is listed in Table 2. 

As can be seen from Figure 7, when the structural deformation reaches 77 mm, the steel 
plate at BK1 (joint A) and BK6 (joint F) peel off first, and the amount increases nonlinearly 
with the convergence deformation of the arch waist. Then, the steel plate at BK3 (joint C) and 
BK5 (joint E) peel off successively when the structural deformation reaches 122 mm and 
203 mm, respectively.. Combining with Figure 4, it can be concluded that the peeling of the 
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Figure 7. Relationship between peeling amount and convergence deformation of tunnel arch waist. 


Table 2. Statistical table of relationship between peeling amount and arch waist convergence 
deformation. 


Measuring point Location Convergence deformation when peeling /mm 
BK1 Joint A 77 

BK2 Joint B / 

BK3 Joint C 122 

BK4 Joint D / 

BK5 Joint E 203 

BK6 Joint F 77 


steel plate at one certain position does not significantly reduce the bearing performance of the 
structure, and when the steel plates at four positions are peeled off, the reinforced tunnel 
structure enters the yield stage. 


4 SUGGESTIONS ON REINFORCEMENT MEASURES 


Based on the full-scale test results, combined with the deformation safety status of the segment 
structure, the reinforcement measures and corresponding convergence deformation for typical 
stagger-jointed shield tunnels are proposed as shown in Table 3: 


Table 3. Convergence deformation control standard and corresponding reinforcement measures. 


Lateral convergence 


Grade deformation Safety status Maintenance measures 

I Less than 30mm Normal Normal service and daily maintenance 

II 30mm-60mm Degeneration Pre curing measures 

MI 60mm-80mm Deteriorate | High-performance materials such as carbon fiber shell 

IV 80mm-100mm Awful High flexure stiffness reinforcement structures such as 
the steel plate 

V Greater than 100mm Dangerous Consider closing the tunnel or replacing the segment 


5 CONCLUSION 


A full-scale experimental test is carried out in this study on the three rings of the steel plate 
reinforced stagger-jointed shield tunnel. The convergence deformation, structural internal 
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force, and peeling off conditions of the tunnel is obtained, and the relevant performance cri- 
teria of the reinforced structure is further analyzed. Main conclusions can be drawn as 
follows: 


(1) When the external load P1 reaches the design load of 210KN, the structure enters the over- 
load stage, and the convergence deformation of the shield tunnel increases nonlinearly 
with the external load. When the load P1 reaches 330kKN, the shield tunnel structure will 
yield, and the corresponding convergence deformation is 203 mm. 

(2) The sequence of the relevant performance criteria and the damage characteristics of the 
reinforced structure is determined as: <1> the opening of one longitudinal joint is greater 
than 6mm, and the contact pressure at this joint is less than 0.6MPa; <2> The radial dis- 
location of one circumferential joint is greater than 6mm; <3> The steel plate at one pos- 
ition is peeled off from the segment; <4> The shield tunnel structure yields. 

(3) The peeling area between the segment and the steel plate is concentrated between 305°~ 8°, 
110°~ 153°, 245°~ 275°. The sequence of peeling time is BK1 and BK6—BK3—BK35. The 
order of peeling amount at each position is BK1 > BK6 > BK3 > BKS. 

(4) Convergence deformation control standard of the shield tunnel and the corresponding 
reinforcement measures are proposed based on the experimental test, which will provide 
a reference for the reinforcement of the stagger-jointed shield tunnels in the soft soil areas 
in the future. 
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ABSTRACT: Tunnels play a vital role in the modern city transportation system. This study 
investigated the reliability of the shield tunnels along with their service life, considering the 
influence of uncertainty corrosion on the segment reinforcement and the joint bolts. Firstly, 
the Gamma random process model was adopted to illustrate the material corrosion depth 
variation with time, according to the corrosion measurements from tunnel practice. Then, the 
framework for the reliability calculation process of the tunnel structure was proposed based 
on the secondary development method for Abaqus in Python. Finally, the tunnel structure’s 
reliability and the corresponding failure probability curves under different corrosion condi- 
tions over time were evaluated. It was found that the failure probability of the joint section 
under the ultimate limit state may increase to 100% under 30% corrosion of the bolts. The 
results indicated that the corrosion of bolts and the steel reinforcement, which deteriorate the 
bearing capacity and stiffness of the segment, can lead to an increase in the failure probability 
of the tunnel along with its service life. 


1 INTRODUCTION 


The development of the metro shield tunnels brings a series of structural disease problems in 
their service life. In the marine environment with high chloride concentration, the corrosion of 
segment reinforcement and joint bolts were believed as long-term major factors influencing 
the deterioration of tunnel lining. However, the deterioration process of tunnel structural per- 
formance is rarely considered. Liu et al. (2012) proposed a bearing capacity degradation 
model based on the loss of reinforcement cross-section. Kong et al. (2012) used an effective 
thickness reduction method to study the shield tunnel deformation deterioration, considering 
the effects of chloride corrosion and carbonation. He et al. (2019) investigated the bending 
capacity of tunnel structure under different loading and chloride corrosion conditions through 
a series of tests. The results shown the chloride corrosion has a significant influence on the 
structural bearing capacity. Referring to the degradation caused by the corrosion of joint 
bolts, the research is still lacking. Liu et al. (2017) investigated the mechanical performance of 
tunnel lining with bolt corrosion under unloading condition by performing a full-scale test. 
The test results shown the corrosion of joint bolts increased the joint deformations and 
decreased the ultimate bearing capacity of structure. The current studies on tunnel deterior- 
ation affected by chloride corrosion are usually focused on a single segment or joint, and the 
corrosion conditions of reinforcement or joint bolts are determined. However, the corrosion 
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distribution of reinforcement and joint bolts is uncertain. The tunnel structure deterioration 
under corrosion may not develop according to a single curve in currently available empirical 
or experimental models. 

In this paper, we investigated the reliability of the shield tunnels considering the influence 
of uncertainty corrosion on the segment reinforcement and the joint bolts. The tunnel struc- 
ture’s reliability and the corresponding failure probability curves under different corrosion 
conditions over time were evaluated, which can be referred for the disease control and deform- 
ation recovery of shield tunnel. 


2 STATISTICAL MODEL OF CORROSION AND DETERIORATION OF SHIELD 
TUNNEL 


2.1 Engineering statistics of corrosion and deterioration 


Operational shield tunnels in marine areas generally exist in soil and water corrosive environ- 
ments. Factors such as chloride ions will cause serious corrosion and deterioration of the 
structure, which are mainly manifested in the corrosion of reinforcement and the failure of 
joint bolts. The Dapu Road tunnel in Shanghai which was built in 1970 underwent a major 
repair in 2007. In this repair project, a special inspection was made on the corrosion depth of 
the joint bolts. The inspection results are shown in the Table 1 (Yuan et al. 2012). After 37 
years of operation, the circumferential joint bolts are generally corroded. It can be seen from 
Table | that the corrosion depth of the outer bolts is generally larger than that of the inner 
bolts. The maximum corrosion rate of the outer straight bolts is 6.6%, and the maximum cor- 
rosion rate of the outer bent bolts is 10.4%. 


Table 1. Corrosion depth of joint bolts in Shanghai Dapu Road Tunnel. 


Ring number Type Location Design diameter (mm) Corrosion depth 


(mm) 
39 Straight bolts Inner 42 0.35 
51 Straight bolts Outer 36 0.6 
60 Straight bolts Inner 42 0.35 
Straight bolts Outer 36 0 
75 Straight bolts Inner 42 0.35 
76 Bent bolts Ring joint 30 0.75 
Straight bolts Outer 36 0.5 
78 Bent bolts Ring joint 30 0.8 
Straight bolts outer 36 0 
Table 2. Corrosion rate of cast iron pipes under different soil types. 
Soil type Average corrosion rate (mm/year) Number of samples 
Sand 0.06 1297 
Silty soil 0.06 1627 
Clay 0.11 1954 
Inclusion soil 0.16 67 
marine environment clay 0.23 403 
other 0.10 241 


As shown in Table 2, TOMO et al. (2018) investigated the corrosion rate of cast iron pipes 
under different soil types. The maximum corrosion rate occurred in marine environment clay, 
which is equal to 0.23mm/year. The deterioration process of segment reinforcement and joint 
bolts can be divided into two parts: induction period and deterioration period. He et al. (2019) 
argued that the chloride ion concentration in the soil in Shanghai area can reach 0.1%~1%. 
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According to the model proposed by Thoft-C et al. (1996), the initial time of reinforcement 
corrosion in Shanghai metro shield tunnel is about 9.43 years after operation (the chloride ion 
concentration on the concrete surface is 0.2%, and the cover layer of the concrete segment is 
50mm). 

Referring to joint bolts, the mechanism of induction period is not clear and there is a high 
degree of uncertainty. The empirical model proposed by COWI (1998) was adopted to estimate 
the initial time of joint bolts corrosion. Assuming that the corrosion rate of the bolts in the 
deterioration period is 0.02 mm/year in the coastal soil environment of Shanghai, it can be esti- 
mated that the corrosion of bolts with the maximum corrosion depth of 0.8 mm in Dapu Road 
occurred immediately after the tunnel built. If no control measures are taken, the corrosion 
depth of the joint bolts may develop by 2 mm within the designed service life of 100 years. 


2.2 Gamma random process model for corrosion and deterioration 


In order to characterize the uncertainty of the corrosion of segment reinforcement and joint 
bolts with time, the random process method was adopted to fit the corrosion depth. Gamma 
random process is a suitable characterization method to describe the deterioration of struc- 
tural members (Edirisinghe et al. 2013). The mathematical definition is shown in Equation (1) 


x ~ Gal[x|a(t), 4] (1) 


The deterioration of segment reinforcement and joint bolts can also be expressed by gamma 
random process. Taking the reinforcement corrosion depth in the segment concrete as the 
deterioration variable x, the expected corrosion depth can be calculated as Equation (2) 


alt) =c- Ë, (2) 


where c and b are constant. The typical values of index parameter b under different degrad- 
ation types are shown in Table 3. 


Table 3. Typical values of index parameter b under different degrad- 
ation types. 


Degradation type b 
Degradation of concrete due to reinforcement corrosion 1 
Sulfate attack 2 
Diffusion-controlled aging 0.5 
Creep 0.125 
Expected scour-hole depth 0.25 


The parameters c and 4 in the model can be estimated by maximum likelihood method with 
observed data of existing structures. Zhu et al. (2005) performed a serious of long-term corrosion 
experiments of different metallic materials in the marine environment, and the maximum corro- 
sion depth of Q235 and stainless steel components are shown in Table 4. Taking the experimental 
data of Q235 components as observation point, c and 4 are equal to 0.3828 and 4.2535, respect- 
ively. According to Table 3, the value of index parameter b is taken as 1. In the tunnel service life 
of 100 years, the Gamma random process distribution of the corrosion depth of Q235 compo- 
nents is then shown in Figure 1(a). The relationship between the mean corrosion depth and time 
is E[x(t)] = 0.097. Taking the corrosion depth of bent bolts of ring 76 and 78 in Table 1 as the 
first-order observation point (i.e. t41=40 a, x,=0.8 mm), c and 4 are equal to 0.0436 and 2.1778, 
respectively. The Gamma random process distribution of the corrosion depth of joint bolts 
during the service period is shown in Figure 1(b). The relationship between the mean corrosion 
depth and time is E[x()] = 0.02t. The results of the two fitting models are consistent with the 
results of the accelerated corrosion tests of steel performed by Duracrete et al. (1998). 
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Table 4. Maximum corrosion depth of Q235 and stainless steel components in 
the marine environment. 


Exposure Time (a) 1 4 8 16 


Q235 (mm) 0.22 0.44 0.72 1.44 
Stainless steel (mm) 0.008 0.028 0.056 0.112 
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(a) Corrosion depth of Q235 components (mm) (b) Corrosion depth of bolt (mm) 


Figure 1. Gamma random process distribution of corrosion depth: (a) Q235 components; (b) tunnel 
bolt. 


3 STRUCTURAL RELIABILITY CALCULATION METHOD BASED ON FINITE 
ELEMENT 


3.1 Computational model 


The load structure method was adopted to calculate the reliability of shield tunnel in this paper. 
Given the limitation of analytical methods, calculation results of finite element method (FEM) 
were employed. A 3D refined model of segment was established in ABAQUS as shown in 
Figure 2. The external and internal diameters of segmental lining are 6.2m and 5.5 m, and the 
ring width is 1.2 m. The segmental lining consists of six segmental blocks: one key block (F), 
two adjacent blocks (L), two identical standard blocks (B), and one bottom block (D). These 
blocks were circumferentially connected through two high-strength (grade 6.8) M30 straight 
bolts, whose diameter and length are 30 mm and 400mm, respectively. In numerical model, the 
C3D8R elements were defined to simulate the segment concrete and bolt. 


a 


(a) (b) 


Figure 2. Three-dimensional model of shield tunnel (a) segment (b) bolt. 
In order to calculate the structure reliability, it is necessary to calculate the structural behav- 


ior under a large number of uncertain parameters in the FE model. Based on the secondary 
development method for Abaqus in Python shown in Figure 3, the calculation of different 
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uncertain parameter combinations was realized automatically, and the results were extracted 
to calculate the reliability index. 


Pre-processing Inp file +—1 create_Tunnel() module 


a an 


Solution Abaqus/Standard 


ODB file 
Calculate reliability index] 


Figure 3. Secondary development process for Abaqus in Python. 


Post-processing Reliability() module 


In the FE calculation, the corrosion of the reinforcement is reflected as the decrease of the 
equivalent elastic modulus of the segment. The relationship between residual equivalent stiff- 
ness of the segment and corrosion rate of reinforcement can be derived as Equation (3) and 
Equation (4) (Cebrera 1996). 


zD? — aD? 
EI 
E T TE T I 4 
Elor = 1002 + 0.057 (8 


where Do is the initial diameter of reinforcement, D; is the residual diameter of the reinforce- 
ment at time t, 7 is the corrosion rate of reinforcement area, E/ is the initial equivalent stiff- 
ness of the segment, and Ekor is the residual equivalent stiffness of the segment. 

The corrosion of joint bolts is behaved as the decrease of the diameter and performance of 
the material. According to the mechanical properties standard for corroded bolts proposed by 
JCSS-OSTL (2000), the residual yield strength of corroded bolts can be calculated as Equation 


(5) 
hve = (1 = ayA corr) fy0, (5) 


where fo is the initial yield strength of the bolt, fyc is the residual yield strength of the bolt, 
Acorr 18 the corrosion area of the bolt, and a, is the correction coefficient of the yield strength, 
which can be taken as 0.005. 


3.2 Reliability calculation method 


The structural reliability estimation method based on the first-order second-moment method 
and Taylor expansion proposed by Dupncan et al. (2000) was adopted in this paper. The main 
process is as follows 

1) Calculate the safety factor Fmzy as Equation (6) using the maximum likelihood value of 
each uncertainty parameters. 


Pou (6) 


where R is the structural resistance, and S is the load effect. 
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The ultimate limit state of the tunnel was measured by the bearing capacity of each section 
in tunnel ring. The structural resistance is the ultimate flexural bearing capacity M,, of the sec- 
tion, and the load effect is the actual structural internal force (bending moment) M. 

The serviceability limit state of the tunnel was measured by the convergence displacement. 
The structural resistance is the limited convergence displacement value Azmı and the load 
effect is the actual convergence value of the structure. According to the current subway design 
code in China, the limited convergence displacement value Azm is equal to 0.6%D, which can 
be taken as 37.2 mm in this paper. 

2) Calculate the safety factor F* and F` by increasing and decreasing the standard deviation 
of the maximum likelihood value of each parameter, while other parameters remain 
unchanged. Then the standard deviation øp and variation coefficient V of the safety factor can 
be determined as Equations (7) and (8) 


a VCE + OB ++ By (7 


AF = Ft — F- 
OF 

V= 8 
Furv (8) 


3) For determined design parameters, the structural resistance is a constant or its standard 
deviation is 0, and the safety factor Fy; generally satisfies the log-normal distribution. Then 
the reliability index 2 can be calculated as Equation (9) 


__ (Fits) 6 


Vin(1 + V2) 


4 INFLUENCE OF CORROSION AND DETERIATION ON TUNNEL RELIABILITY 


4.1 Computational parameter 


The structure parameters have been shown in section 3.1. In numerical calculation, the uncer- 
tainty of lateral pressure coefficient, ground reaction coefficient and soil weight were con- 
sidered. Referring to the typical stratum parameters in Shanghai, the probability distribution 
and related statistics of uncertainty parameters are shown in Table 5. The corrosion of seg- 
ment reinforcement and joint bolts were assumed to be uniform in a tunnel ring. 


Table 5. Uncertainty parameters of tunnel structure. 


Parameter Probability distribution type Mean Standard 
value deviation 

lateral pressure coefficient 1 log-normal distribution 0.6 0.1 

ground reaction coefficient k (kN/m*) log-normal distribution 5000 2000 

soil weight y (kN/m*) normal distribution 18 1.8 


4.2 Reliability analysis of segment structure 


After 560 times calculation by utilizing ABAQUS in Python, the reliability and failure prob- 
ability of shield tunnel in the determined corrosion conditions were obtained. Based on engin- 
eering experience, the corrosion rates of joint bolts were taken as 0~30%, and the corrosion 
rates of segment reinforcement were taken as 0 ~ 90%. Figure 4(a) shows the influence of the 
corrosion rate of segment reinforcement and joint bolts on the failure probability under the 
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service limit state, when the buried depth is 10 m. As the corrosion rate of steel bars increased, 
the failure probability of the tunnel structure appeared to increase linearly, and the maximum 
failure probability of the structure was about 70%. When the buried depth is 20 m (Figure 4 
(b)), the failure probability increased parabolically with the increase of the corrosion rate of 
segment reinforcement. The increase of corrosion rate of joint bolts also accelerated the struc- 
ture deterioration in both buried depth conditions. 

Figure 5(a) shows the influence of the corrosion rate of segment reinforcement on the failure 
probability of the segment structure under the ultimate service limit state. It can be indicated that 
the failure probability was little influenced at early stage of corrosion. However, it increased rap- 
idly when the corrosion rate of reinforcement was over 50%, and the situation was worse in 
20 m buried condition. Figure 5(b) presents the influence of the corrosion rate of joint bolts. 
Under the 30% corrosion rate of joint bolts, the failure probability of the joint section exceeded 
90%. Overall, the influence of bolts corrosion on the reliability of the cross-section under ultimate 
bearing capacity is much greater than its impact on the reliability under service limit state. 
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Figure 4. The influence of the corrosion rate of steel bars and bolts on the failure probability of the 
tunnel structure under the service limit state (a) buried depth H=10m; (b) buried depth H=20m. 


Based on above analysis, the failure probability of the joint is much greater than that of the 
segment under the same corrosion state. Then the maximum failure probability in a segment 
ring is equal to that of segment joint, as the segment ring is considered as “in series” structure. 
In other words, the failure probability of segment structure under ultimate limit state is deter- 
mined by corrosion state of joint bolts, and the influence of corrosion of reinforcement can be 
neglected. Especially, for prestressed segmental lining without bolts (Nishikawa 2003), the 
influence of corrosion of joint bolts can be avoided. The failure probability of segment struc- 
ture under ultimate limit state will depend on the corrosion of reinforcement. 
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Failure probability P, (%) 
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(a) Corrosion rate of reinforcement section (%) (b) Corrosion rate of joint bolts (%) 


Figure 5. The influence of bolt corrosion rate on the failure probability of the tunnel joint under the 
ultimate limit state (a) segment section; (b) joint section. 
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Figure 6. Time- dependent failure probability curve of shield tunnel structure (a) ultimate limit state; 
(b) service limit state. 


4.3 Time-dependent reliability analysis of shield tunnel 


The reliability of shield tunnel under determined corrosion state has been calculated in last 
section. Afterwards, considering the uncertainty of corrosion depth of reinforcement and joint 
bolts, the time-dependent reliability of shield tunnel can be analyzed. Based on the Gamma 
random process model in section 2.2, the time-dependent reliability of corroded shield tunnel 
can be calculated using Monte Carlo method, as Equation (10) 


P(B) = S>P(A,)P(B)A,), (10) 
i=l 


where P(B) is the failure probability of shield tunnel considering the uncertainty of corrosion 
state; P(A,) is the probability distribution of corrosion depth of steel bars and joint bolts at 
service time ¢; P(B|A;) is the failure probability of shield with determined corrosion depth of 
steel bars and joint bolts. 

The calculated failure probability curves of shield tunnel under ultimate limit state and ser- 
vice limit state are shown in Figure 6. It can be seen the maximum failure probability under 
ultimate limit state is about 35%, and the maximum failure probability under service limit 
state can be more than 80%. For most corrosion states, the failure probability of the structure 
increased slowly during the first 30 years of structural service life, especially in the first 10 
years. Then the curve entered a rapid growth period, and the corrosion degradation should be 
carefully controlled, otherwise the tunnel structure will face huge risk. 


5 CONCLUSION 


This paper investigated the evolution of deterioration of the shield tunnels considering the cor- 
rosion of segment reinforcement and joint bolts. The main conclusions are as follows 


(1) Based on the engineering monitoring data, the probability density curve of corrosion 
depth was established to describe its uncertainty. The calculated corrosion rate of segment 
reinforcement and joint bolts was consistent with the existing experimental results. 

(2) The corrosion of segment reinforcement mainly influences the failure probability of struc- 
ture under the service limit state, and will also reduce the stiffness and increase the conver- 
gence deformation of the tunnel. The corrosion of bolts will reduce the stiffness of tunnel 
joints, and the failure probability of joint section under the ultimate limit state is greatly 
increased. 

(3) The time-dependent reliability of tunnel structure was calculated considering the uncer- 
tainty of corrosion depth with time. It was found that during the service life of the tunnel 
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structure, the maximum failure probability under ultimate limit state and service limit 
state were 35% and 80%, respectively. 
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ABSTRACT: Major infrastructure projects often exceed estimated costs and schedule. 
Therefore, they do not achieve the desired quality. The difference in objective interests of the 
project participants is a major problem. Based on the difficult contractual relationship and the 
late involvement of all contractors, there is a lack of information for all those involved. This 
gap of information can be described by the principal agency theory from the new institutional 
economics. One way to reduce this information deficit is to use other delivery models, con- 
tracts and methods. Delivery models like Integrated Project Delivery (IPD) with the contrac- 
tual relationship and the early involvement of all the participants creates a sooner 
understanding of the project. This can reduce information losses. However, the current project 
execution models do not have a smart objective system which records the interests of the client 
from start to the end of the project. They are not documented with the start of the project, 
neither adapted iteratively. Also, these objectives don’t get used to define the requirement and 
specify that. With the help of the recently created project objective requirement system 
(PORS), the objectives of all project stakeholders can be selected, checked and compared. Fol- 
lowed by the transfer to the requirement management. With the PORS an incentive contract 
can be created and thus an incentive mechanism implemented. In addition, the project delivery 
on time and within the budget is strongly supported. 


1 INTRODUCTION 


Major infrastructure projects often exceed the budget as well as the schedule and do not 
achieve the desired quality. This is often caused by the complexity of the construction project 
and the long building process (Kostka & Fiedler, 2016, p. 2). A factor for missing the planned 
aims is an inadequate ascertainment of demand (Warda, 2020, p. 23). Ascertainment of 
demand takes place at an early stage, during the initiation phase. Project goals and objectives 
are defined and set in terms of time and budget (Lindahl & Ryd, 2007, p. 150). Often - even 
before planners are involved - incomplete or unsustainable requirements are stated/defined by 
the principal. The planning phase must be preceded by a definition of the initial project goals 
of the principal (BMDV, 2018, p. 5). This usually leads to further mistakes in the planning 
phase. These are later followed by wrong decisions and disruptions. Furthermore, the princi- 
pal’s project objectives are often incompletely and incorrectly assessed. So, the ideas of the 
principal cannot be addressed. The increasing number of interfaces in major infrastructure 
projects also makes it difficult to work in a common direction towards a project goal (Pistow, 
May, & Peitsch, 2015, p. 15). In this context, the traditional project delivery models lead to 
further conflicts of objectives between the project partners. The construction company will 
pursue its interest to maximize profit and to complete the project as cost-effectively as 
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possible. This divergence of goals can be described with the principal agency theory (PA- 
theory), of the economics. One solution to aligning the interests of all participants is an incen- 
tive contract. Integrated Project Delivery (IPD) regularly contains those solution mechanisms 
as well as further ones. 

A new project objective requirement system (PORS) that records the goals and objectives, 
checks their relationship to each other. It helps to find the clear the requirements. After that it 
also help the investor to find the right project delivery model for his project. With an analyze 
of the goals (later on the objectives) and the requirement can be choose. This decision will be 
made by a qualitative and quantitative analyze in an Software tool. This tool with be develop- 
ment in the Research project Digital Performance Contracting Competence Center (DigiPeC). 
The focus of this Software is to support public clients to make complex infrastructure projects 
like tunnels to perform successfully. Also the PORS, monitors, reports and adjusts them 
according to the project dynamics. The PORS can contribute to achieve a project successfully 
on time and within the budget. 


2 PROJECT GOALS AND OBJECTIVES 


2.1 Definition of project goals and objectives 


With the start in the project initiation phase the owner must define a determination of needs. 
At this stage the owner also has to set the project goals and later on the objectives 
(Simon, p. 30). 

There are many definitions of the term “project goal and objective”. In the following discus- 
sion, the definition of the International Project Management Association (IPMA) Compe- 
tence Baseline (ICB 3.0) can be used as a reference (International Project Management 
Association, 2006, p. 44): 

“The project goal is to provide value to the interested parties. A Project strategy is a high- 
level view of how to attain the project goal. The project objective is to produce the agreed end 
results, especially the deliverables, in the time-frame required, within budget and within 
acceptable parameters of risk. The project objectives are the set of targets that the project, 
program and portfolio managers should attain to provide the expected project benefits to the 
interested parties.” 

So, a project goal is an achievable outcome that is broad and long-term. The project object- 
ive is a specific and smaller task that serves a broader goal. 

Since project goals and objectives are defined at the initiation stage, they are an important 
instance of making project success or failure measurable. For this reason, the goals and object- 
ives should be formulated clearly and unambiguously. The project goals and objectives also 
serve to create a common understanding of the project content and to give all participants an 
idea of their intentions. So the typical project goals in tunnel projects are: Time, Cost and 
Quality. That also can especially extend at tunnel projects where the public perception has 
a big impact. The objectives of a goal as example for time: a milestone of a construction sec- 
tion. The project objectives can be identified and defined by the following method. 


2.2 Methods to find the goals and objectives of a project 


In literature project objectives are often identified using the S.M.A.R.T method. The method 
does mean Specific, Measurable, Achievable, Relevant and Time. 

A consideration of objective relationships and objective compatibility does not take place in 
the S.M.A.R.T method (Schelle, Ottmann, & Pfeiffer, 2006, p. 133). The literature points out 
that the objectives should be described in great detail. In addition to the method mentioned 
above, there are further methods like Management by Objectives (MBO) (Dinesh & Palmer, 
1998, p. 363) and Objectives and Key Results (OKR) (Niven & Lamorte, 2017, p. 6). The S. 
M.A.R.T method is presupposed as known. The MBO and OKR for determining objectives 
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are not dealt with in this article and are mentioned for the sake of completeness. They are 
mainly used in corporate management. 


2.3 Finding of goals and objectives in the PORS 


In the software application there is implanted a list of goals and objectives to support the 
user. In a workshop with a project manager, they will also interview the public clients to add 
specific goals and objectives for their project. Later on, every identify and chosen goal and 
objective get a priority. With an interdependency analysis the conflict of the objectives will be 
checked. After that there will be an event tree analysis (ETA) with a probabilistic approach to 
judge the risk to reach the project goal. 


2.4 Requirement management 


Requirement describes attributes, functionality and quality, which the product might have 
(Grande, 2014, p. 5). It’s the same in construction industry. The increasing demand of quality 
and complexity results in the requirement management getting more attention. It is part of the 
management discipline to identify, describe, documented, verify, realize and control the 
requirements. Furthermore, there are several participants in a tunnel construction involved. 
So first of all, the owner has to to implement the requirement management. After identifying 
his goals and objectives. The complete process from inception, design and production of the 
requirement management must be implemented. It also brings a better understanding of the 
project for all stakeholders (Miron, Luciana, I., G. & Formoso, Carlos, T., 2003, p. 4). From 
the goals to the objectives there can be a deduction of the requirements. These will be find be 
find by questionnaire and interviews (Miron, Luciana, I., G. & Formoso, Carlos, T., 2003, 
p. 4) of the participants. A matching method for this is the delphi method. But it’s important 
to benchmark these information’s with the prior goals and objectives. This review can be done 
by Plan-Do-Check-Act (PDCA) from quality management in the industrial sector (Isniah, 
Hardi Purba, & Debora, 2020, p. 72). To understand better the high relevance of the project 
goals and requirements the principal agency theory will be described. 


3 NEW INSTITUTIONAL ECONOMICS (NIE) 


3.1 Main approaches of the NIE 


The new institutional economics (NIE) is a collective term from economics. It summaries vari- 
ous sub-approaches, and gains in importance in joint consideration with business administra- 
tion (BA) (Ménard & Shirley, 2008, pp. 1-2). 

There is no uniform agreement within the NIE regarding the scope of the theory, but three 
main approaches can be assigned (Obinska-Wajda, 2016, p. 79): transaction cost theory, prop- 
erty rights theory and the principal agency theory (PA theory). 

Only the principal agency theory will be discussed. With this theory the problem of self- 
interest and information asymmetry in construction can be describe. 


3.1.1 Principal Agency theory (PA theory) 

The PA theory encompasses all relations between individuals, who are in mutual influence. In 
the PA theory, there is an economic relation between two parties (contractual partners). In 
this relation, the party’s agent and the principal act together. One party (agent) and also the 
other party (principal) act separately (Werkl, 2013, p. 47) (Ceric, 2012, pp. 767-769) (see 
Figure 1). The principal represents the instructing party and the agent represents the contrac- 
tor. The assignment of the agent is usually regulated by a written contract. As an approach of 
the NIE, the PA-theory indicates the behavioral model of Homo Economicus. This behavioral 
model means, that both parties are to be understood as rational utility maximisers, pursuing 
different goals (Rodriguez-Sickert, 2009, p. 223). The parties each pursue their own interests 
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without taking the interests of the other party into account. This action creates a conflict of 
interest between the parties, which is shown in Figure 1. Another characteristic of the PA 
theory is the information asymmetry. This is also called hidden characteristic. This informa- 
tion asymmetry is an advantage for the agent, since he has industry-specific knowledge, which 
he could use to maximize his profits. The PA theory will be transferred to the construction 
industry and the contractual relationship between the client (principal) and the building con- 
tractor (agent) will be described. The conflict of interest between the two contracting parties 
can be deduced from the basic principle of economic activity in a much more general way. 
While the client tries to maximize his benefit with the lowest possible remuneration, the con- 
tractor will try to maximize the remuneration with the least possible effort. The contractor is 
not interested in maximizing the resulting benefits. He is interested in minimizing his effort 
with a fixed expectation of remuneration. In their own interest, the contractor will try to use 
the knowledge advantage in his favor as much as possible. Then again, the principal cannot 
understand or check all the operations of the agent, meaning the prinicpal could achieve 
a lower economic yield (Werkl, 2013, p. 47). 


Delegates ~ Information 
work H asymmetry 


Control, 
monitoring 


Self r. Self 


interest 


Moral hazard 


Opportunism, 
Hidden action 


Performs work 


Figure 1. Visualization of the basic idea of PA theory (Snippert, Witteveen, Boes, & Voordijk, 2015, 
p. 572). 


3.1.2 Possibilities to reduce the conflicts from the PA relationship 

The relation between principal and agent has two essential characteristics (Hartmann- 
Wendels, 1993, p. 143): asymmetric distribution of information and Divergent benefits or 
objectives. 

Building on this, the PA theory provides various approaches to reduce information asym- 
metry, to harmonize and align the goals between the parties. A chance to weaken the informa- 
tion asymmetry is to launch a monitoring system (Strausz, 1997, p. 354). The actions of the 
agent (construction company) are observed by the principal (client) in order to avoid hidden 
actions. The second option is to introduce a reporting system. Reporting is a form of delivery 
of information from the contractor to the client (Guston, 1996, 231). Another approach from 
the PA-theory is the implementation of incentive contracts. Incentive contracts avoid conflicts 
originating from the diverging objectives. This is primarily intended to mesh the goals of the 
principal and the agent. As a result, opportunistic behavior and an asymmetric distribution of 
information should no longer pose a threat to the achievement of his goals from the princi- 
pal’s point of view (Stukhart, 1984, p. 34). Provided that the principal and the agent is aware 
the consideration of incentives. So that the contract can ensure that the goals of both are 
considered. 
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Overall, it can be assumed that a favorable situation always arises for the principal when 
the agent has much to lose (positive incentive) and little to gain (e.g. little work suffering, 
saved resources) (Suprapto, Bakker, Mooi, & Hertogh, 2016, p. 1072). 


3.2 Conclusion of the PA-theory for the software development an the PORS 


Due to the preceding text, the PA theory can also be applied according to the construction 
sector. It is a fact, that the principal and the agent pursue different goals. In order to align 
these interests, an incentive contract is beneficial. Furthermore, the emerging conflict of the 
PA-theory can be further reduced through monitoring and reporting. But first at all the pro- 
ject goals must first be determined by the principal, then aligned with the agent by means of 
an incentive contract. The contract is the main element to align the interests of all the partici- 
pants (Becker, 2022, p. 20). In the course of the project, appropriate monitoring must be set 
up on the principal’s side and a controlling system function on the part of the agent to reduce 
information deficits. The possibility to create an incentive mechanism, to manage the goals 
and objectives and the other important results from the PA-theory will be implement in the 
PORS and the Software Application. 


4 DEVELOPMENT OF THE PROJECT OBJECTIVE AND REQUIREMENT SYSTEM 
(PORS) 


The previous chapters started that the project goals have to be defined (Figure 2, Step 1). This 
can be done with a project manager in a workshop and the Delphi method. Figure 2 shows 
the three typical goals based on the magic triangle. There can be more goals including the sec- 
tion of sustainability. Later on in the software tool will be a list of project goals. The project 
owner will define the objectives of the specific goals (Step 2). For example: to be in budget, get 
high position accuracy of the tubbing, using environmentally friendly machines and low 
carbon development. This information can be obtained by project manager through work- 
shops or interviews. However, at the end of this the software makes an interdependent ana- 
lysis of the objectives. 

Then the ETA will start. After that, the goals and objective will be transferred to the 
requirements (Step 3). This should be done in the normal requirement management flow. First 
to identify analyze, document and verify. Secondly it needs to be checked, if the goals and 
objectives fit to the requirements (Step 4). If it doesn’t the process has to start again and the 
requirements and objectives had to be defined new. If it is at step five the delivery model and 
contract can be chosen. Which Delivery model and contract to should be chosen is firstly 
defined by the requirements and secondly by the complexity. Two other factors are the risk 
level and the level of design (Sander, Spiegl, Reilly, & Whyte, 2019, 4595). Later on in the 
application there will be more factors to choose the right delivery model. For example, the 
complexity of the tunnel project is high, the risk and also the of geological risks are high but 
the level of design is low. The PORS would choose as Delivery Model the Integrated Project 
Delivery. The contract could be a cost-plus incentive fee contract. Project delivery models con- 
sist of the allocation, the form of delivery and the contract (Sander et al., 2022, p. 12). In par- 
ticular the delivery models differ in the transfer of information and the type of allocation. The 
distinction can be made between traditional project delivery (TPD) and IPD models. A TPD 
model has a sole contractor (SG) or general contractor (GC) and a unit price or a lump sum 
price contract. Integrated Project Delivery has an integrated form of delivery, all parties being 
involved. It is linked to a multi-party contract which includes an incentive contract (Fischer, 
Ashcraft, Reed, & Khanzode, 2017, p. 47; Sander, Spiegl, & Reilly, 2019, p. 36). The basic 
idea of IPD is to enable better handling of major projects. The aim is to achieve a faster and 
cheaper construction process, while increasing quality. With this form of execution, an inte- 
grated execution team consisting of at least the client, planners and building contractors or 
engineers is formed. They are working cooperatively and project-related. Therefore, they can 
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Figure 2. Steps of the process from the PORS. 


execute complex, large-scale construction projects faster and more cost-effectively. All those 
involved in the project should be aware of the client’s objectives from the outset and jointly 
develop project goals so that everyone involved is aware of the project requirements and the 
best possible solutions to achieve the set objectives (Warda, 2020, pp. 124-125) (AIA, 2007, 
p. 5; Cheng, Osburn, & Lee, 2019, p. 115).Through this whole process of planning and con- 
struction a controlling system for objectives and requirement must be implemented a. At step 
six, the end of the construction there a project report should be generated. Which shows how 
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fulfilled the requirements are, how many goals were achieved and which lessons can learn 
from this. To make these process more useable for the project manager, it will be implemented 
in a software tool. Which can support the project manager throughout the process from incep- 
tion till the end of construction. 


5 CONCLUSION AND OUTLOOK 


The needs assessment for a major infrastructure project has a high priority, but usually gains 
too little attention. In this phase, the project goals and objectives are already defined by the 
client. Setting the project goals is an important milestone for major projects. After setting the 
goals it is important to define the objectives. This makes the status quo of the project better 
visible. After that the requirements should be defined. Using the PA-theory the importance of 
finding common goals and reducing information deficits are elementary components for the exe- 
cution of a construction project. Currently, the project goal determination is only carried out at 
the beginning of the project. Projects are subject to high dynamics, which is why the project 
goals, objectives and requirements have to be adjusted ongoingly. A PORS that evaluates the 
goal and objective relationship among each other and brings together the objectives of the parti- 
cipants, which currently does not exist. This PORS would have to be applied to each project 
phase and provided with appropriate reporting. It has to be monitored whether the objectives 
have been achieved or have changed. The PORS in connection with an incentive contract could 
further support the cooperation and increase the success of the project. The development of the 
PORS is not completed. So there will be more criteria. In the next steps the software toll will be 
coded, tested and validate to make the PORS usable for the practice partner. 
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ABSTRACT: The fair management of Construction Time and deadlines is a key aspect of 
Contract Management for long and deep tunnelling Projects. Addressing geological and geo- 
technical uncertainties of such underground works is challenging and the need for a time 
adjustment mechanism has proved to be a « must-have » over the last decades, to prevent or 
reduce claims and disputes. While the Swiss practice is probably at the foundation of this 
approach, the FIDIC Emerald Book (2019) has set an internationally recognized and compre- 
hensive approach to this mechanism. TELT, the bi-national organisation in charge of one of 
the World longest railways tunnels which is currently under construction and is now moving 
forward all along his 57km-length, has a long track-record in the implementation of time 
adjustment, for over 15 years. The present article reviews the implementation and progressive 
development of Time Adjustment in different Contracts of the TELT’s project. The completed 
case of Adjustment of Time Mechanism is presented for the Saint-Martin-La-Porte Explora- 
tory Works. Two major new contracts are now ongoing, one of which is CO6/7, awarded in 
2021 and spanning until 2027. This contract is EUR 1.4 billion worth and includes the imple- 
mentation of 3 TBMs for a bored length of 25km, and several other excavated structures. One 
of the key focus of interest for the present article is the articulation of the Schedules of Base- 
line and the planning tools. 


1 INTRODUCTION 


For underground works, especially for long and deep tunnels, the design project is based on 
uncertain parameters and conditions. Indeed, it is impossible to completely know the geo- 
logical and geotechnical conditions and parameters in advance. Given the difficulties in carry- 
ing out site investigations, particularly for deep tunnels, residual risks remain significant at the 
end of the design phase: 


e Lower ground quality 
e Water seepage 

¢ Front instability 

e Geological fault 
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Underground construction is challenging, and contract management must take account 
of these issues. The time adjustment mechanism is a specific contractual device to share 


Same as expected 
w 


Geological data »| Design underground 5 Encoutered 
input project surbsurface 


Ji i cr Ji 
Uncertainties Uncertainties conditions 


Different as "i n 
expected Update of the 
design : works, time 
and cost 


Figure 1. Global principle of adjustment mechanism. 


the consequences of geotechnical risks between the owner and the contractor. Indeed, 
the geological risks cannot be fully taken on by the contractor. 

With this mechanism and depending on the geological conditions encountered, the time for 
completion of the tunnel boring and lining as well as the price, are adjusted. If the geological 
conditions encountered are worse than expected, boring and tunnel lining times are extended. 
However, if the ground is better than expected the time for completion is reduced. This prin- 
ciple is described in the following figure: 


2 TIME ADJUSTMENT MECHANISM 


2.1 SIA standard 


Swiss engineering has developed a specific payment tool, especially used for long and deep 
tunnel projects called the time adjustment mechanism. 

Historically, the idea that the cost of the construction site installation takes account of the 
ground conditions encountered first appeared in 1985, with the revision of the SIA198 - 
Underground Construction. This update stipulates that if a Variation is implemented during 
the project, prices will be modified. Besides, any change in quantities for temporary supports 
and water drainage shall be considered as a Variation. 

For this reason, the bill of quantities, for excavation and temporary support, must consider 
the Construction time for valuation purposes to pay for the contractor's equipment, facilities, 
and supervision. This mechanism requires an accurate assessment of the critical path. There- 
fore, a change (extension) in the construction time due to unfavorable ground conditions does 
not affect negatively the contractor (SIA 118/198). 

Finally, it is important to note that in the Swiss contractual framework, engineers provide 
all the necessary information and input data to the contractor, for the execution of the work 
(SIA 118). In this way, for underground projects, the principal and contractor, agree the type 
of temporary support to be performed. 


2.2 The Emerald Book 


The Emerald Book (ITA&FIDIC, 2019) includes the time adjustment mechanism, with an 
important contractual document named the Geotechnical Baseline Report (GBR). The GBR 
"establishes a contractual understanding (interpretation) of the subsurface physical conditions, 
defined as baselines” (ASCE, GBR for Construction suggested guidelines, 2007). 

Adding the interpretation of expected subsurface physical conditions and associated thresh- 
old values, the Geotechnical Baseline Report (GBR), defines the “design and construction 
methods of the Excavation and Lining Works” (Emerald Book, SC 1.1.51), including different 
types and application conditions of temporary supports. In terms of responsibilities, the 
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contractor determines the appropriate temporary support, according to the subsurface condi- 
tions encountered (Emerald Book, SC 4.24).If the subsurface physical conditions encountered 
remain within the ranges defined in the GBR, the adjustment time mechanism is applied. 
Otherwise, the unexpected geotechnical conditions shall be considered as “Unforeseeable 
Physical Conditions” and subject to a claim for a time extension. 


2.3 In France 


Overall, the French contractual framework does not include the time adjustment mechanism. 
To consider this mechanism, in French contacts, particular conditions are necessary. 


— Provide reliable input data about the geological and geotechnical conditions, which might 
be encountered. In France, the final design is usually performed by the contractor. In this 
way, the contractor identifies geological and geotechnical conditions and chooses the 
adequate supports, among those defined in the contract. 

— Identify the critical path of the project, which can be very complex, especially when the 
construction work includes different parts (2 tubes in parallel, connecting galleries, 
caverns. ..). 

— Define a bill of quantity, to consider immobilization, monthly, which differs from 
standards. 


Finally, this mechanism is useful and used, when the time for completion and costs directly 
depend on the excavation method or temporary support executed on site; and finally on the geo- 
technical conditions encountered on the site. Indeed, a tunnel can be bored with conventional 
methods or grippers’ TBM, for which the production rate and application possibilities are very 
different. 


2.4 TELT contracts 


Time Adjustment mechanismis used today in TELT contracts. Used for the first time for the 
excavation of the Villarodin-Bourget/Modane Adit (MOD2), it has been progressively 
improved in the work contracts for the excavation of the La Praz adit (PRA) and for the exca- 
vation of the Saint-Martin la Porte adit (SMP2), then for the excavation of the Saint-Martin 
La Porte gallery (SMP4) and finally for the excavation of the main tubes (CO6-7). 

From the Villarodin-Bourget/Modane Adit (MOD) to the Saint-Martin la Porte gallery 
(SMP4), that is, exploratory work, the time adjustment mechanism had been used, only for 
one excavation front. 

Since 2021, with the CO67 project, the mechanism is now a genuine tool for managing and 
monitoring construction time and deadlines. The CO67 project requires simultaneous excava- 
tion fronts, connecting galleries, cavers, etc. For example, the critical path, partial deadlines, 
work program updates have been added. 

Finally, Times Adjustment Mechanism in CO6-7 is based on the following contractual 
documents: administrative conditions, Program of works (annex 13 CCA), Bill of Quantities, 
Risk Management Plan. The geotechnical model is shared with the Contractor, but as a non- 
contractual document. 


3 TIME ADJUSTMENT CALCULATION 


To calculate the “adjusted time”, the contractor provides, at the bid stage, production rates 
associated with excavation conditions (including excavation and temporary support) which 
are contractually agreed. With the rates of progress, the initial theoretical completion time of 
the work can be assessed. Finally, depending on the geotechnical and excavation conditions 
encountered, the “adjusted time” of all work parts of the project can be calculated. 


3379 


Annex 13B - Work 2 


Quantity estimated by the Employer 
Quantity estimated by the Contractor 
Final account 


Baseline Schedule : planned time, time adjustment, ... | 


Work part WBS Work2 [Orderform 
Previous work part WBS Worki |Previous work part 
Next work part WBS Work3 |Nextwork part 
Start date 

Real start date of the work part 
Shift/worked day 3 Real completion date of the work part 
Work time/Shift Worked day/month 


Number of worked days (WD) per week Production Shutdown for this work part 


Figure 2. First part of Annex 13B : principal information. 


The first theoretical completion time and “adjusted time” are assessed, with the following 
document, named the Annex 13 in TELT’s contract (CO6/7). 


Productionrate | Contrat (Estimation) Adjusted time (real, on site) 


(Example) Quantity Time (day) 


Work 


Tunnel cross section 
Excavation section 1 
Excavation section 2 


Total 
Specific Works 
Excavation of niches 

Crossing 

Other Works, according to the Contractor needs 
Total 
Other Works 
Core drilling (lenght = 50 meters) 
Core drilling (lenght = 100 meters) 

Geological overbreak m 
Total 
Water seepages 
For the 25m area from the front, 51/5 < D < 201/5 
For the 25m area from the front, 201/5 < D < 351/s 
For the 25m area from the front, D > SOI/s 

Total 
Other interruptions 
Exceptional execution 


Total 


Figure 3. Second part of Annex 13B : different types of work. 


This first part of the document presents the principal information about the work part, start 
and completion date, work time, etc. There is a different Annex for each part of the work. 

This second table list all the work phases and different types of works, interruptions, water 
seepages. .. with each production rate, quantities, and additional time for hindrances. 

This final part summarizes the differences and highlights the adjusted end date and quanti- 
fies the advance or delay according to the adjusted time. 

The main objective of these annexes is to assess, during the works, the adjusted excavation 
and temporary support time, according to the encountered geological conditions. Indeed, the 
tender quantities for the different works (excavation, temporary support, core drilling, water 
seepage...) had been estimated on the basis of the “theoretical” geological and geotechnical 
conditions. Underground works uncertainties will change all these quantities and the comple- 
tion time. The time adjustment mechanism is used to monitor the works on site, as closely as 
possible according to the real conditions. Finally, the advance or delay is defined as the 
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Contrat (Estimation) Adjusted time (real, on site) 
Quantity Time (day) | Quantity Time (day) 
Total previous works 
Production shutdowns (Summer breaks, winter breaks,...) 
End of works 
Oher works, for the contractor needs 


Recorded completion date (Example) 01/01/202 


Advance/Late according to Adjusted time | BA 


Figure 4. Final part of Annex 13B: different dates. 


difference between the adjusted time and the actual completion date. Indeed, the adjusted 
time gives the theoretical time available to complete the work. 


4 WORK PROGRAM MANAGEMENT 


4.1 Time adjustment management 


Each month, the time adjustment is calculated from the spreadsheet (Annex 13, presented 
above). For each work item (or part of a work item), the actual time is compared to the theor- 
etical time (or previous adjusted time). The advance or delay for each work part is thus calcu- 
lated from this annex 13. 


Monthly a Monthly 
| From the Contratcor, to ‘ | 
the Engineers 
Monthly, before the 7** 


Meeting between the Engineers and the Contractor, to 
transmit information to the employer. 


Every 3 months, within 7 calendar days. 


The Contractor (Entreprise) 


The Contractor & Engineers 


Ee 
Engineers (MOE) 
E] 


The Employer (MOA) 
Figure 5. Management of time adjustment mechanism. 
The adjusted completion time of the global project is the sum, according to the work pro- 


gram, of the “adjusted time” for each work part. Thus, if the critical path is modified during 
execution of the work, the global work program can change. For the excavation of the main 
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tubes (TELT project), this time adjustment management is carried out according to the fol- 
lowing flowchart: 


4.2 Link between time adjustment and work program 


The adjusted completion date is unknown until the work part is fully completed. However, 
every 3 months, the time adjustment is calculated and compared to the baseline schedule and 
real execution time. 


Linear (m) 
=$ 


Work 1 


3 months 3 months 3 months 


` Late/advance 
ol 


’ 
Time (month) 
Legend 
Theoretical progress @ Theoretical end of the work Theoretical advance/late 
= Time adjustment progress D Theoretical Adjusted end (Time adjustment calculation) 
= Real contractor progress e Theoretical real end (Real contractor progress} 


Figure 6. Link between time adjustment mechanism and work program. 


In addition, the theoretical progress for the rest of the work part and the different comple- 
tion dates (time adjustment and real contractor progress) are assessed. The advance or delay is 
finally defined as the difference between the time adjustment progress and the contractor real 
progress. 


4.3 Critical path 


Each month, the contractor updates the planned completion date of each work part, with the 
Annex 13. These updates can modify the work program and finally the global critical path of 
the project. 

Indeed, a significant decrease in the production rate of a work part, due to poor subsurface 
conditions, will modify the completion date and, therefore, also the work program and/or the 
critical path of the project. The following graphs illustrates the evolution of the critical path, 
due to a critical event, and the impact of these changes on the work program. 


4.4 Milestones 


As explained before, the time adjustment mechanism evaluates the “adjusted time” accorded 
to complete a part of the project. Depending on the subsurface conditions encountered the 
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Figure 7. Initial critical path. 


Start of project 
Linear (m) 
> 
y End of the project : 
Time (month) critical path 
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= Critical path —— Work apart from the critical path Event causing a 
om i critical path evolution 
> Critical path evolution ape Strat/End of the project 


Figure 8. Evolution of the critical path due to a critical event. 


completion dates are adjusted and, therefore, the contractual milestones as well. The global 
project is divided into different partial deadlines and milestones. Each partial deadline is the 
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maximum time for completion of a certain activity (or set of activities) which the contractor is 
obliged to meet. Finally, most of the milestones and partial deadlines defined in TELT con- 
tracts are subject to the time adjustment mechanism. 


5 IMPACT ON PAYMENTS 


5.1 Rates 


An adjustment of payments on the basis of the time adjustment calculation is applicable only 
if different types of rates are defined in the Bill of Quantities, as following : 


e Unit-rate items (amounts depending on quantities); 
e fixed-rate items; 
* time-dependent items: the extended availability ( “c” prices in TELT contracts) 


5.1.1 Quantities related amounts 
The unit rates are valid whatever the completed quantities. These unit rates concern the fol- 
lowing : 


e Logistics and production staff (salary included in the unit rates). 

e Materials : concrete, steel,... 

e Consumables and machine operation : energy and maintenance. 

° Sub-contractor : services provided by a third party (subcontractor). 


5.1.2 Fixed rate items 

The costs of mobilization and removal of the installations and equipment are fixed. The possi- 
bility of transferring them to the owner is also provided for. In TELT contracts, 3 different 
fixed prices are available: 


e Price a : Preparation, transport, assembly/installation, commissioning, and possible dis- 
mantling of existing equipment. 

e Price d : Dismantling, removal and transport. 

e Price e: Transfer to the owner. 


5.1.3 Time related items 
Generally, in TELT contracts, prices depending on the time adjustment mechanism concern: 


e Workforce : only management staff. The production staff is paid with unit rates. 
e Equipment and installations on the construction site : extended (or reduced) availability of 
offices, water treatment installation,... 


(PEL) 


For example, management staff is remunerated by a specific unit rate, named “c” price, to 
compensate the additional period of the project. Besides, the employees charged with security 
and site communication depend on the time adjustment mechanism. Finally, the installations 
on the construction site are also paid for at a specific rate “c” (ventilation, lighting, offices. . .). 
These time related items take account of the initial completion time and the additional time 
required (the “adjusted time”) for the project. 


5.2 Bonuses and delay damages 


Bonuses and penalties are calculated based on the difference between the actual contractor’s 
completion time and the “adjusted time” granted. In case of a delay, on partial deadlines or 
on milestones (as defined in part 4.4), the contractor is liable for delay damages for each full 
week of delay. In the case of an advance on the milestones, the contractor is awarded bonuses 
for each full week of advance. As a reminder, the notification of adjusted deadlines and 
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milestones, every three months, with the time adjustment mechanism, is the basis to calculate 
bonuses and delay damages. 


6 CONCLUSION 


The time adjustment mechanism allows to adjust the completion time and payment according 
to the encountered subsurface conditions. 

This mechanism was developed in Switzerland, in the SIA Standard (in 1985), to provide 
for additional payment for the extended availability of the site installations. Recently, with the 
Emarald book FIDIC has implemented this principle in its contracts. In France, this mechan- 
ism appeared in the TELT project and had been developed over the years. In the CO67 
TELT?’s contract, the adjustment mechanism is calculated for each part of work and updated 
on a monthly basis together with the work program. Besides, the critical path, the time for 
completion and the major part of payments are linked to the encountered subsurface 
conditions. 
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ABSTRACT: The Snowy 2.0 pumped storage project in Australia is situated within a complex 
alpine geological and hydrogeological setting which entails significant geotechnical uncertainties 
for sub-surface construction. To address this condition, a Geotechnical Baseline Report (GBR) 
has been incorporated in the construction contract of underground works to stipulate the alloca- 
tion of geotechnical risks between the Parties. This paper outlines the conceptual framework 
used in the preparation and development of this GBR and associated risk-sharing mechanisms. 


1 PROJECT OVERVIEW 


The Snowy 2.0 project involves the delivery of a pumped storage scheme which will add 2000 MW 
of energy generation capacity and large-scale energy storage of 350,000 MW hours to the Austra- 
lian national electricity network. The scheme will augment the existing Snowy Mountains Hydro- 
electric Scheme, which is operated and maintained by Snowy Hydro Limited (SHL) and is the 
largest in Australia with a current total generating capacity of 4100 MW. Both Snowy 2.0 and the 
existing scheme are located within the Snowy Mountains region of New South Wales, Australia. 

The Snowy 2.0 project combines a high head differential, long and deep waterway tunnels 
and reversible pump-turbines housed within a deep underground power station. The headrace 
tunnel is 17km long and trends west from the upper intake structure at the existing Tantan- 
gara reservoir, across the Kiandra plateau to the headrace surge tank located at the Ravine 
escarpment. The maximum depth of overburden reaches 400 m in the headrace tunnel and 
750 m in the power station and tailrace tunnel. 

The surge tank is approximately 250 m high and has an internal diameter of 25 m. Downstream 
of the surge tank, the headrace tunnel feeds a single 1.6 km long pressure shaft, inclined at 25 
degrees from the horizontal. A manifold at the base of the pressure shaft divides into six penstock 
tunnels, each feeding a single unit in the machine hall of the power station. The draft tube tunnels 
on the downstream side of the machine hall combine into three collector tunnels which meet at the 
bottom of the tailrace surge tank, which is close to 200m high. The waterway continues as a single 
9.9 m diameter tailrace tunnel for approximately 6 km to the lower intake structure at the existing 
Talbingo reservoir. 
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Figure 1. Snowy 2.0 Schematic longitudinal section and main underground works (not to scale, source: 
FGJV). 
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Figure 2. Snowy 2.0 - Alignment and project area plan. 


The Power Station Complex (PSC) comprises a machine hall 32 m wide, 52 m tall and 
250 m long, which houses the six pump-turbines, motor-generators, main inlet valves and aux- 
iliary balance of plant. The transformer hall is 20 m wide, 46 m tall, 217 m long to house six 
main transformers, draft tube valves and cooling water equipment. The machine hall and 
transformer hall will be connected by two Main Access Tunnels and six Isolated Phase Busbar 
galleries which will house the electrical equipment required between the motor-generators and 
the main transformers. The layout of the PSC is shown in Figure 3. 


Figure 3. Snowy 2.0 - Power station complex isometric and plan view (source: FGJV). 
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Supporting the scheme is a combined length of over 10 km of access tunnels and construc- 
tion adits, including the Main Access Tunnel (MAT), the Emergency egress, Cable and Venti- 
lation Tunnel (ECVT), among others. 

Three (3) ~11.0 m diameter single shield TBMs (two open mode, one dual mode) are being used 
to bore the headrace and tailrace tunnels, MAT, ECVT and the Inclined Pressure Shaft, all lined 
with precast concrete segments. The TBM dual mode machine has been selected to manage the 
anticipated occurrence of Naturally Occurring Asbestos (NOA) in a section of the headrace tunnel. 
The remainder of the underground works, including the remaining access tunnels, adits, shafts and 
power station complex will be constructed with drill and blast methods. Steel lining is foreseen only 
for the waterway sections connecting the inclined pressure shaft with the powerhouse. 

The project has been awarded in 2019 to the Future Generation Joint Venture, comprising 
WeBuild, Clough and Lane and is currently under construction. 


2 CONTRACTUAL FRAMEWORK AND GEOTECHNICAL RISK-ALLOCATION 


For Snowy 2.0, a modified EPC/Turnkey contract type has been adopted for the construction 
of all civil and mechanical and electrical works. However, to address the project’s significant 
sub-surface geotechnical uncertainties, special contractual conditions were included for the 
construction of the underground works based on the use of a GBR to specify the geotechnical 
risk-allocation between the Parties. 

The use of ground reference conditions for tunnel procurement and construction has a long 
tradition in central Europe and Scandinavia, tracing back to the early 70s. However, the concept 
and application of GBRs for contractual risk-sharing, as known and widely used today, originated 
in the USA (ASCE GBR guidelines, Essex 1997 and 2007) during the 90s and 00s. More recently, 
in 2019, FIDIC published its first conditions of contract specific for underground works (The 
Emerald Book), which also includes a GBR as the key contractual document for risk-sharing. 
GBRs have also been used worldwide in association with other contract forms, such as the NEC 
(UK Institution of Civil Engineers, 2021) and other bespoken contractual frameworks. 

The ASCE’s GBR guidelines (Essex 1997 and 2007) proposes the use of baseline statements 
to set out the anticipated physical and behavioural conditions, establishing the risks that belong 
the contractor (within the baselines) and those that belong to the Employer (outside the base- 
lines). In the case of the FIDIC GBR, risks are also shared for variations within the baselined 
conditions. This is attained by the inclusion of an additional baseline of means and methods 
(“rate elements”), which are used during construction for remeasurement, and adjustment of 
construction cost and time based on the actual implemented solutions. In this GBR modality, 
the time for project completion can be extended if the conditions are more onerous than 
described in the GBR, while also reduced if ground conditions are more favorable. 

Snowy 2.0’s GBR followed an approach similar to the FIDIC Emerald book, considering 
the following baselines (Gomes et al, 2021): 


Geotechnical Physical Baseline - Characterization of the physical subsurface conditions. 

— Geotechnical Behavioural Baseline — Ground response to excavation. 

— Baseline of Tunnelling Classes TCs (Systematic Conditions) - Sets of design solutions and 
auxiliary construction measures to deal with the anticipated subsurface conditions. 

Baseline of Non-systematic Conditions NCs/Geohazards - Construction measures and 
activities required to deal with geohazards, and hindrances not covered by TCs. 


It is noticeable that this set of baselines correspond to a process flow of hierarchical layers 
that tacitly reflect the typical steps considered during the design of underground works 
(Gomes, 2020). An example of such design methodology is provided in the recommendations 
of the Austrian Geomechanical Society Design Guideline (2011). In this structure, the physical 
and behavioural baselines are the starting point of a sequential classification that leads into 
the baselines of TCs and NCs, where the latter are the ones actually used for contractual 
remeasurement purposes during construction. The hierarchical relationship between the GBR 
baselines is defined by the Ground Classification System (GCS), as discussed in section 4. 
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In the Snowy 2.0 GBR, TCs and NCs apply generally for underground works with longitudinal 
development, such as major tunnels and shafts. In the case of the PSC, a Lump Sum model with 
adjustment for the excavation supports was considered. In addition, a clause was introduced to 
account for Extraordinary Geological Conditions (EGO) applicable to all underground works in 
case of exceptionally and materially adverse geotechnical conditions that leave no possibility of 
further advance using the design and construction methods provided for in the Contract. 

For the development of the GBR, a three-step GBR approach was adopted by the Employer 
SHL, as suggested by the ASCE Guidelines (Essex, 2007 and 2017). The Employer prepared an 
initial GBR, which was then reviewed and amended by Tenderers and submitted as part of their 
respective proposals. Following the final Employer’s revision, the definitive contractual docu- 
ment was agreed between the Parties during the “preferred” negotiation stage. In addition to 
being the key document for risk allocation between the parties, the GBR is also a risk manage- 
ment tool, which must be integrated in the project’s risk assessment and risk registers, as recom- 
mended by the Code of Practice for Risk Management of Tunnel Works (IMIA, 2012). 


3 SNOWY 2.0 - GBR BASELINES 


3.1 Baseline of sub-surface physical conditions — Ground Types (GTs) 


Since the Employer is the Party who owns the risk associated with the ground conditions, it is 
important to carry out investigations and studies with enough detail and to a depth which is 
commensurate with the nature, size and level of complexity of the project. Therefore, compre- 
hensive geotechnical investigations have been carried out for Snowy 2.0, commencing during 
the early stages for the preparation of the GBR and extending into the negotiation, award and 
detailed design stage. Site investigations included to date more than 33 km of borehole drill- 
ing, with 15 boreholes deeper than 750 m; geophysics (electrical resistivity, seismic refraction, 
seismic reflection), exhaustive set of laboratory tests, in situ testing (stress and strength/stiff- 
ness) and groundwater testing and monitoring, among others. 

The waterway alignment passes through several geological formations of highly variable 
nature, comprising a wide range of rock types and geological structures. In total, more than 
28 different lithologies haven been encountered along the waterway alignment. The main fea- 
tures and risks identified along the alignment are shown in Figure 4. 
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Figure 4. Snowy 2.0 geotechnical longitudinal section and main risks. 


The baseline of subsurface physical conditions was defined in terms of Ground Types (GTs), 
which correspond to ground volumes at the scale of the underground works with similar geotech- 
nical architecture, properties and characteristics that are relevant for design and construction. 
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A total of 20 different GTs were baselined, discriminating geological formations, intact and rock 
mass properties (UCS, Ei, CAI, etc.), degree of weathering and fracturing, among other items. 
GTs typically included more than one lithology, as many formations are composed of multiple 
lithologies at relatively close spacings. Other key aspects addressed in the baseline of physical con- 
ditions included the magnitude and orientation of in situ ground stresses, groundwater conditions 
and other anticipated or potential geological hazard scenarios, termed Geohazards. Geohazards 
considered included high groundwater inflows, hot ground or water, highly deformable ground 
and rockburst, among others. Each of the Geohazards were included in the GBR for allocation 
of risks between the Employer and Contractor. 


3.2 Baseline of behavioural conditions — Ground Behaviour Types (GBs) 


In view of the complex and highly variable alpine geological and hydrogeological setting, tunnel- 
ling conditions are anticipated to involve a wide range of ground behaviours, comprising both 
structurally controlled and stress-controlled mechanisms. In addition, excavations may encounter 
mixed ground conditions, involving regular transitions through different lithologies, faults and 
weak zones. Potential high groundwater inflows may also cause construction, environmental and 
ground stability related issues in some tunnel sections, if pre-grouting treatment is not carried out. 

The baseline of behavioural conditions was defined in terms of Ground Behaviour Types (GBs) 
describing the expected ground response to the proposed construction methods for each work and 
respective boundary conditions. GBs draw from the principles proposed by the Austrian 
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Type blocky rock mass with fa- mass, Fair to very poor dis- | rock mass. 

vourable joint or block wall | continuities conditions with 

conditions / interlocked clay infillings. 


Stress 
Level 
structure. 
Low stress Lev- 
el (no Over- 
stress) 


7 


f “> > 
Stable ground “Di 


Medium over- 
stress Level 


a) 

Ww 

PR] 8) 
re HY 


High overstress NA 7 : a L k va a 


j 


mel’, 
nM 
US 


Shear Failure OK Vs 


Level 


ap 
“ “Brittle Fail < 
Y ri Pak ure J 


Figure 5. Ground Behaviour types (GBs) associated with geological structures and overstress conditions. 


(*) Classification based on defined ranges of GSI & RMR vs ranges of either omax/UCS or ocm/omax and e(%) 
in function of the dominant failure mode in acc. to the ratio UCS/T as shown in Figure 7 (Diederichs, 2003). 
omax...maximum tangential stress on the opening contour, UCS...intact rock uniaxial compressive strength; 
ocm... rock mass compressive strength based on the GSI system; e(%) ... tunnel wall strains. 
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Geomechanical Society Design Guideline (2011) and consist of general categories describing simi- 
lar concerning failure modes and displacement characteristics. The typology of GBs considered 
for the project is presented in a simplified form in Figures 4 & 5 and described in Table 1. 


Ground 
Type 


High water inflow, pressure 
or water saturation leading 
to short-term or long-term 
instability problems. 


Rock mass with presence of 
swelling/slaking minerals 
either in the rock matrix or 
seams causing rock mass 


bulking and buckling of bed- 


ded rocks and slabbing. 


Heterogeneous and aniso- 
tropic rock mass, mixed ex- 
cavation face, with frequent 
changes in behaviour 
(deformation and controlling 
failure mechanisms). 


Miscellaneous 

conditions — 

Can occur in 

conjunction oe Ye z 
with any other | [FSS xX 


GBs and stress > Groundwater related 


A Highly heterogeneous 


levels 


Figure 6. Ground Behaviour types (GBs) — Miscellaneous conditions. 


Table 1. 
GBs 


Ground Behaviour Types (GBs) — Controlling Failure Mechanisms. 


Description 


GB1, GB2 & GB3 Discontinuity and gravity-controlled failure mechanisms. Main response of the 
rock-mass is elastic, and failure is mainly governed by the spacing/properties of dis- 
continuities and by the geostructural conditions of the rock mass: from stable GB1, 
to collapse of wedges or blocks GB2, up to caving/unravelling ground and chimney 
failure GB3. 

Shear failure with various degrees of severity in high ground overstress conditions. 
Shear ground failure with high depth of ground damage and relevant displacements 
of the excavation contour (squeezing) are expected during excavation. 

Transitional ground behaviours. GBS is indicative of shallow stress-induced shear 
failure in combination with discontinuity and gravity-controlled failure for medium- 
quality rock-mass (rockfall), while GB6 is a transition between caving/ravelling 
behaviour (GB3) and squeezing behaviour (GB9). 

Brittle ground failure associated with various intensities of tensile failure and energy 
released by spalling/rockburst phenomena. 

Unfavourable geological and hydrogeological conditions for tunnel excavation (not 
directly related to stress conditions), such as highly heterogeneous and anisotropic 
rock mass, mixed excavation face with frequently changing geomechanical 
behaviour. 


GB8 & GB9 


GBS5 & GB6 


GB4 & GB7 


GB10 to GB11 & 
GB12 


GBs may often occur concurrently in various levels of intensity and predominance and 
must be assessed and described with consideration of all relevant influencing factors, including 
but not limited to prevailing ground types (GTs), in situ stress conditions, shape, size and 
orientation of the excavation and construction methodology. 

In terms of controlling overstress failure mechanisms, the occurrence of shear or spall fail- 
ure in a rock mass depends on the interception of the stress path with the relative strength 
envelops, as shown by Diederichs et al (2017). When the stress path firstly intercept the Hoek- 
Brown (GSI based) envelop, shear failure occurs, otherwise, in the opposite case, spalling fail- 
ure develops, as shown in Figure 7. 
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Strength Ratio GSI < GSI= GSI= GSI> 


55 55-65 65-80 80 
UCS/T or mi < 8 Shear Shear Shear Shear 
USC/T or Shear Shear Shear Shear / 
mi =9 to 15 Spall 
USC/T or Shear Shear) Spall/ Spall 
mi = 15 to 20 Spall Shear G'a 
USC/T or mi>20 Shear Shear Spall Spall 
/Spall 


Sig3 MPa 


Figure 7. Spall or shear failure as resulting from stress path interception and likely controlling rock 
mass failure mechanisms as a function of the strength ratio (modified from Diederichs, 2017). 


3.3 Baseline of Tunnelling Classes (TCs) 


TCs were defined in the form of “sets of construction measures” with ascending/descending 
levels of effort in terms of cost and time without considering detailed unit rates for each con- 
struction element. TCs include all activities or items of work included in the schedule of rates 
and prices upon which the Contractor committed costs and production rates for each singular 
type of work section and construction methodology. TCs were designed to cover all anticipated 
ranges of baseline conditions, including the provision of measures to maintain impacts on adja- 
cent facilities and the environment to acceptable levels (e.g., groundwater table) and the verifi- 
cation of compliance with the project’s long term structural and serviceability requirements. 
The categories of TCs, defined for Snowy 2.0, are listed in Table 2. 


Table 2. Tunnelling Classes (TCs). 


Tunnelling Classes (TCs) Applicable construction methods 


Excavation and Support for D&B tunnels, shafts and caverns to cater for the effort to excavation 

Classes (ESCs) and support. 

Boreability Classes (BCs) for Shield TBM to cater for the excavation effort, based on ranges of Net 
Penetration Rates (in mm/rev) obtained from TBM Field Penetration 


Tests. 
Support Classes (SCs) Types of precast concrete lining installed during Shield TBM tunnelling. 
Lining Classes (LCs) for D&B in-situ inner concrete lining, incl. waterproofing, contact grout- 
ing, and other ancillary works. For Shield TBM if a secondary lining is 
required. 


3.4 Other compensation mechanisms — Non-Systematic Conditions (NCs) 


Other types of compensation mechanisms denominated NCs were established for the occur- 
rence of sporadic and localised Geohazards and hindrances that have a significant impact on 
the required construction effort, as summarised in Table 3. 


4 GROUND CLASSIFICATION AND GBR IMPLEMENTATION ON SITE 


The agreed baselines and the estimated occurrence of the various types of items of work (TCs. 
NCs and Geohazards) form the basis of the initial construction baseline schedule proposed by 
the contractor. Variations in the baseline during construction trigger remeasurement with cor- 
responding contractual adjustment of cost and time, as described in the GBR and supporting 
documents. 
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Table 3. - Non-Systematic Conditions (NCs) — Cg. Compensation Items. 


Non-Systematic Conditions (NCs) — e.g. Compensation Items 


Care of water Specific for heading zones and rear zones and compensated for an excess 
of n l/s (for selected inflow ranges). 

Abrasivity Cerchar Abrasivity Index (CAI) higher than ranges covered by BCs. 

Accepted Geological Over- Acce. to Swiss standard SIA 198 (2007). 

break (AGO) 


Naturally Occurring Asbes- Provision for dealing with highly asbestiform mineral fibres. 
tos (NOA) 
Drilling and Grouting Acc. to the Employer’s requirements and established trigger levels. 


The Ground Classification System corresponds to the contractually agreed referential cri- 
teria to be used for the definition of the hierarchical correlation between the physical/behav- 
ioural baselines (GTs and GBs) and the attributable TCs and NCs, being therefore a central 
component of the GBR. Table 4 summarises the criteria used for the selection of applicable 
TCs and NCs based on the collected data and performed measurements on the field. 


Table 4. — GBR’s Ground Classification System -Criteria for selection of applicable TCs and NCs. 
Tunnelling Classes (TC) 


ESC (D&B) & SC Process flow: Ground Type — Ground Behaviour Types — TC 


(TBM) 

BC (TBM) TBM Field penetration tests (net penetration rates /rev) 

Non-Systematic Conditions (NCs) 

Geohazards Identified/Measured overbreak, excess water inflow, execution of drilling & grout- 


ing, occurrence of NOA (asbestos) and other geohazards. 


The implementation of the GBR on-site during construction involves a multi-step cyclic 
process which is repeated at every construction cycle. The process can generally be grouped 
into the main activities shown in Figure 8: 


implementatior 
interpretation of 


of suitable 
constr 


Agreement on 


Collection ot site 
data (Ground 


Classification 
Classification) 


data 


measures 


New Construction Cycle 


Figure 8. Generic steps of the GBR implementation process. 


Relevant geotechnical parameters and properties must be collected, recorded, and evaluated 
on-site at each excavation cycle, excavation round or construction stage, as required for 
ground classification purposes, verification of design assumptions and safety requirements. 
Typical geotechnical information collected during construction generally include visual char- 
acterization of the ground (face mapping); results of probe drilling/coring/sample testing (in 
particular for shield TBM excavation); geophysics, groundwater measurements; monitoring of 
stress, strain and displacements; TBM operational data, such as face pressure, thrust and 
penetration rates (field-test, if applicable); and verification of design assumptions regarding 
in-situ and deviatoric stress conditions, among others. 

Collected and interpreted geotechnical data form the basis for the implementation of the 
Ground Classification System and attribution of suitable TCs, NCs and supplementary 
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construction measures. Conditions at the rear zones of excavated sections and at adjacent infra- 
structure must also be continuously assessed and observed to identify any abnormal behaviours. 

Due to the inherent limitations associated with the site investigations, ground model character- 
isation, design methods, identification of ground behaviours and selection of required ground sup- 
port requirements during construction, the design and construction of underground works must 
deal with several aleatoric and epistemic uncertainties and are therefore not precise process. While 
TBM Field penetration tests can be used to provide a more straightforward method of measure- 
ment of the effort associated with TBM excavation during construction, the selection of applic- 
able ESCs and SCs follows a staged process flow that links GTs, GBs and applicable TCs, based 
on an agreed criterion defining ranges of ground conditions and behavioural response. In add- 
ition, parameters such as stress conditions must be inferred based on assumptions or limited data 
and therefore can only be verified on site through observed phenomena and monitoring. 

In view of the above, the GBR must also be a risk management tool integrated in the con- 
struction, quality & safety management plans. A comprehensive geotechnical risk assessment 
and management plan is essential to provide guidance on the areas and type of phenomena that 
require more attention and scrutiny by experienced personnel, which may not be permanently 
available in all excavation fronts. In addition, and as far as possible, the observation approach 
must be used to validate assumptions, verify safety reserves, and introduce a practical criterion 
for the definition of required adjustments and mitigations measures during construction. 

Finally, it is important to notice that the GBR requires a robust technical and commercial 
management from both parties during construction to agree on the encountered conditions, 
solve potential divergences and enact a proactive and cooperative attitude towards sensibly 
dealing with technical challenges encountered during construction. 
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ABSTRACT: The paper focuses on the experiences gained in developing the procurement 
strategy for the A303 Stonehenge. The removal of private finance led to a unique opportunity 
to utilise best practice from the private finance solutions and build them into the revised 
public procurement model. The use of availability moved the solution from a pure design and 
build to one embracing a maintenance period, where the contractors were accountable for 
testing and commissioning the assets to meet these requirements. Embedded in the approach 
was the use of outcome-based deliverables focused on targeting key areas that were important 
to the end customer and important for working in a World Heritage Site. The paper also high- 
lights how high impact low probability tunnelling events were handled from a risk perspective 
and how the entitlement to a ground baseline report was removed. The resulting procurement 
provided an additional £200m of value delivered through the contract. 


1 THE PROJECT IN CONTEXT 


The A303 between Amesbury and Berwick Down includes the longest remaining single carriage- 
way section on the corridor and carries traffic levels which are twice its design capacity. Lack of 
capacity means that road users suffer from severe congestion, queuing, and long delays, espe- 
cially during summer months when delays can be an hour or more. Congestion, delay, and poor 
journey time reliability on the A303 is a major impediment to economic growth in the south- 
west region, which performs poorly compared to the rest of the UK (ONS, 2022). 

The A303 also runs through Stonehenge, Avebury and associated World Heritage Sites 
(WHS), a landscape without parallel in the world with a unique and dense concentration of 
prehistoric monuments and sites. At its closest point, the road is 165 meters from Stonehenge, 
producing incongruous sights and sounds of traffic in an otherwise tranquil rural area. This 
seriously diminishes people’s enjoyment of the unique prehistoric landscape and degrades the 
setting of the iconic stone circle. 

The agreed option to pursue is a 2-mile (3.3km) twin-bored tunnel on an alignment similar 
to that of the existing A303 trunk road. 


2 INTRODUCTION 


The A303 Stonehenge, “The Project” has always been a high profile and challenging project 
and has gone through several attempts to relieve the current seasonal and weekend congestion 
issues and open another route to the south-west corridor in the United Kingdom (UK). The 
route of the highway runs directly through the well-known UNESCO World Heritage Site of 
Stonehenge which also has the accolade of being classified as having Outstanding Universal 
Value. 
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In 2016 /2017 work was progressed through the UK government to develop a Public and 
Private Partnership (PPP) procurement strategy to support the delivery of a tunnel, the align- 
ment of the tunnel being close to the current path of the A303. The procurement strategy was 
put in place, including the procurement of the Special Purpose Vehicle and the funders by the 
middle of 2018. At this point in time the UK government consulted on the use of PPP con- 
tracts and concluded better value for money could be achieved by using a public finance route 
where there could be tighter control on the requirements and management of the overall out- 
comes (IPA, 2018). The Project, at this time, was tasked with the development of a revised 
procurement approach using public funding. Critical to the development of the revised pro- 
curement approach was understanding what could be learnt from the development of a PPP 
strategy that could be applied and benefit the revised procurement approach. 

There has been extensive research on successful public procurement and innovative approaches 
to deliver better value for the public purse. A lot of this has now been built into the Construction 
Playbook (UK Government, 2020) and Sourcing Playbook (UK Government, 2021). It is not the 
intention of the author to reiterate this work. It is the intention to ensure that we understand what 
best practice can be learned from PPP driven strategies and how these can be applied to a public 
sector procurement strategy. In addition, we need to understand that by targeting a few elements 
based on the real desired outcomes of a project, better value can be achieved. 

One of the earlier studies investigating the impact of not understanding or having clear 
client-side objectives for a project showed that 37% of firms had come across this phenomenon 
during the procurement phase and this led to bidders having to submit inflated or increased 
prices due to the uncertainty created around this (Deloitte Access Economics, 2015). The for- 
mative work done in the procurement of Bank Station Upgrade through the Innovative Con- 
tractor Engagement Model (London Underground, 2014) has driven some of the thinking in 
delivering the procurement of The Project. Further, it is noted that the winning bidder for 
Bank Station provided a more “effective product”, increasing the benefits within the business 
case, and provided a more “efficient method”, delivering it faster and cheaper compared to 
the original London Underground case. This effectively has driven a value driven approach 
through the procurement life cycle. These types of targeted innovative benefits were deemed 
entirely appropriate for The Project. 


3 A CHANGE OF MINDSET 


A key element of the PPP approach is that the contracting party enters a Design, Build Finance 
and Maintenance (DBFM) contract. Within this type of contract, it is comparatively easy to set 
Key Performance Indicators (KPI) that drive the overall performance of the asset as the con- 
tractor can completely drive the successful delivery of these types of indictors over, for example, 
the 30-year life of the contract. It is noted that within a PPP contract that over the life of the 
project the PPP contractor can drive up the overall contracted price which is why the UK gov- 
ernment has revised its thinking with PPP contracts (IPA, 2018). The Project has unusual traffic 
flows in that most of the congestion is caused either at weekends (Friday through Sunday) or 
during the school summer holiday period where families are heading down to the south-west as 
tourists. The DBFM procurement approach identified these critical periods and then defined an 
availability metric that a contractor would have to deliver against over the life of the contract. 
This would then restrict tunnel closures for maintenance around these availability KPIs. This 
key concept was carried forward into the development of the public procurement strategy and, 
in so doing, had to look at the most appropriate length of the maintenance period for the overall 
contract that would allow the contractor to prove the high availability of the asset, in line with 
the availability KPI’s that had been developed, without entering into a 30-year maintenance 
contract that would have been too expensive for the public purse. A cost benefit scenario ana- 
lysis was completed to determine the optimum maintenance period, which included looking at 
the life cycle of the key control systems. A balance was arrived at with a 5-year construction 
contract and a 7-year maintenance period that would allow the life cycle of the key control sys- 
tems in the tunnel to be fully tested and the appropriate maintenance regimes put in place. 


3396 


4 THE CONCEPT OF TARGETED QUALITY 


With a strong customer and stakeholder focus, The Project knew they had to drive innovation 
through the procurement process to deliver the best value. Having decided clearly on one key 
area (i.e. availability of the tunnel) that was important to the successful outcome of The Pro- 
ject, the project’s balanced scorecard was revisited in line with the principles of Innovative 
Contractor Engagement Model (London Underground, 2014). We realised that the successful 
outcome of the project could be driven by looking at five key areas and these are the areas 
that should be driven through the procurement process and form part of the evaluation. 
These areas were termed “targeted quality” (TQ) and effectively five areas where the bidders 
involved in the procurement could a) focus on and b) demonstrate their core expertise in these 
areas to drive increased value through the procurement process. The five targeted quality 
areas and their desired outcomes are defined in Table 1 below: 


Table 1. Target Quality areas. 


Targeted Quality area Targeted Quality measures 


Health, safety & wellbeing Improving the safety of construction workers 
Improving the safety of maintenance workers post construction 
Improving road safety post construction 
Improving the health and wellbeing of the project team 
Customer Enhancing the road user experience post construction 
Minimising road user journey delays during construction 
Maximising asset availability post construction 
Enhancing community outreach 
The world heritage site Reducing the impact of The Project on the Outstanding Universal 
Value of the WHS during construction 
Reducing the impact of The Project on the Outstanding Universal 
Value of the WHS post construction 
Whole life value & maintenance Optimising The Project’s whole life cost post construction 
Organisational maturity Enhanced leadership 
Enhanced collaborative environment 
Enhanced management approach 
Enhanced engagement 


Each TQ area and its associated measures is an outcome-based metric, and the baseline infor- 
mation is provided to the bidders. It is noted that some of the metrics are core to driving the suc- 
cessful outcome of construction such as health, safety and wellbeing and organisational maturity 
which delivers the leadership and collaborative approach that is required to deliver projects of this 
scale. The customer metric is fully aligned and linked to availability of the asset, whereas the 
WHS and whole life value and maintenance are very much aligned to where the construction 
would be taking place and adopting a whole life approach linked to the overall contract strategy. 

Each area was evaluated as the additional value the bidders could provide as part of their 
overall quality submissions. The innovative proposals were evaluated and scored. Based on 
the scoring a pre-determined “evaluated monestised value” was assigned to each bidder, up to 
an estimated maximum cap on what was achievable. The total of all the evaluated monetised 
values was deducted from the final bid price to form the basis of the final commercial evalu- 
ation. It should be emphasised the evaluated monestised value is the additional value that is 
recognised within a bidder’s price not a financial deduction from the price. Therefore, for this 
reason, this is termed the “additional value created.” 


5 OVERALL PROCUREMENT PROCESS 


The procurement was carried out through a competitive dialogue procedure that was adjusted 
to accommodate the evaluation of the TQ measures. Adopting this approach to TQ was only 
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feasible if we first assured that all three bidders involved in the procurement were up to the 
same high standard of quality submissions. The first stage of the process was the evaluation 
against the scope and the initial quality standard. Significant effort was put in to developing 
the detailed scope and ensuring the initial quality standard was set at very high level so that 
we would be ensured that if any bidder passed the first stage of the evaluation, then they 
would be able to build the asset to a very standard. This included ensuring that the very spe- 
cific requirements driven through the planning process were fully detailed in the scope. An 
example of how this standard was set is shown in Table 2 below: 


Table 2. Setting the quality standard — example. 


Quality area 
(scope) Quality standard 


Earthworks Your earthworks strategy for The Project shall include: 
strategy for the 


whole scheme * your strategy for the excavation, transport, treatment, storage and placement of 


all earthworks material types expected to be encountered during the works. 

* your strategy for the protection of on-site heritage features and archaeological 
assets during all earthwork’s activities. 

e the identification and proposed mitigation for key risks associated with the 
earthworks, including the phosphatic chalk. 

e the management of surface and groundwater during construction. 


Your earthworks strategy shall provide the following information as a minimum: 
your strategy for the excavation, processing, and storage of earthworks materials 
(other than tunnel arisings) including: 


e the expected sources, quantities, and geotechnical classification of the excavated 
materials. 

e the methods of excavation, transport, treatment (where required), placement and 
compaction, to meet the engineering and landscaping requirements of the Scheme. 

* the locations and methods of storage. 

* methods and routes of transportation of material to the storage locations and 
final placement locations. 


your strategy for the treatment of the tunnel arisings, including details of: 


* processing plant, layouts, and locations. 

* the processes to be employed to produce a product suitable for landscape fill. 
e the methodology for the segregation of phosphatic chalk spoil. 

e the storage of arisings pre- and post-treatment. 

e the methodology to minimise and dispose of unsuitable materials. 


your strategy for the placement and compaction of engineering and landscape fills 
in the earthworks, including: 


* the locations and methods of storage. 

e the transport routes and methodology for compaction. 

e methods for the protection of stored and placed fill to prevent, or minimise, 
deterioration in the event of adverse weather condi-tions. 

e earthworks classification and control measures which will be op-erated to dem- 
onstrate compliance with the approved earthworks specification. 

e earthworks laboratory and resources deemed necessary to control the earthworks. 


The bidders provided their quality submissions against each area of the scope and were 
assessed with a detailed technical evaluation against the initial quality standard. Through the 
dialogue, the bidders then understood where they were falling short against these initial qual- 
ity standards and were allowed to re-submit an improved quality submission which was re- 
evaluated. Overall there were over 50 areas of scope that were evaluated in this way and were 
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then quality assured with evaluation and moderation panels. The bidder had to pass all cri- 
teria to be considered for the next stage of the process. 

The second stage allowed the bidders to highlight through an additional submission the 
areas of TQ that were embedded in their original quality submissions. These proposals high- 
lighted where the TQ was embedded in the original quality submissions, why it would deliver 
benefit and how this benefit was going to be delivered. Each TQ proposal was then evaluated 
in its own right against the evaluation table and agreed weighting for each of the five TQ 
areas. Again these were quality assured through evaluation and moderation panels. 

The rationale was that the standard was set so that if no-one delivered any TQ then 
National Highways would be confident that any of the bidders could deliver the asset if they 
met this initial high standard. Effectively if a bidder failed to meet the standard required, they 
would fail the initial evaluation of the quality submissions and not be allowed to progress 
through the process. A high emphasis was placed on the quality and technical capability of 
the dialogue team with a detailed integrated assurance process embedded into the process. 

The overall relationship between the quality submissions and additional value through the 
TQ is shown in Figure 1. 


Quality Submission Targeted Quality 
Narrative 


Details of Solution 
(Resources, processes etc) 


Targeted Quality 
Proposals 


Pass /fail 
compliance 


-=-~ 
- “n 


Evaluated 
TO 


Figure 1. Relationship between Quality Submissions and TQ. 


6 MANAGEMENT OF HIGH IMPACT LOW PROBABILITY TUNNELLING 
EVENTS 


As part of the overall quality submissions and the commercial process there were active discus- 
sions between the project team and the bidders on the ground conditions for tunnelling, specific- 
ally in how to manage the risk of high impact low probability tunnelling events. Stonehenge is 
cited on a chalk downland, and we know with the development of current Tunnel Boring 
Machine technology that a slurry-based machine would be appropriate for The Project. The 
real risk that needs to be managed is that the chalk rock has a water table that can move several 
metres with changing weather conditions. After detailed discussions with the bidders, noting 
that a competent tunnelling contractor should be able to manage most high impact low prob- 
ability tunnelling event risks, only three events were agreed where the contractor could look for 
compensation. These were water ingress, meeting a cavern of greater than 100m in diameter and 
meeting an obstruction, such as a borehole that not been removed or unexploded ordinance. 
For all other events, National Highways expected the contractor to price in this risk and allowed 
more differentiation between the bidders. The need for a detailed GBR was thus removed. 
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7 OVERALL IMPACT 


Having adopted a new approach to the procurement of The Project that has pushed the 
boundaries the main works contract was awarded to a preferred bidder in 2022. Overall the 
procurement has delivered against the outcomes that were defined and have embedded as part 
of this process key lessons learned from the private contracts that have enhanced the procure- 
ment of a complex tunnel system. In terms of TQ, the overall additional value generated 
through the procurement is in the region £100 to 200m and that committed value has been 
embedded into the contract. We do recognise that in some areas the TQ elements were more 
successful than in other areas (for example bidders struggled to drive innovative thinking into 
organisational maturity). Overall, we came away with the strong impression that the procure- 
ment has delivered as intended and did allow the bidders to differentiate themselves with 
innovative ideas and solutions in the core areas of TQ that were defined. 


8 CRITICAL ASSESSMENT OF THE PROS AND CONS OF THIS TYPE OF 
PROCUREMENT COMPARED WITH MAJORITY OF UK INFRASTRUCTURE 
BASED PROCUREMENT 


The following table shows the advantages of using this type of procurement over other more 
traditional forms of procurement used for infrastructure projects in the UK market: 


Table 3. Advantages of this type of procurement. 


Area UK Procurement This Procedure 


Low 
Can be lower standard 


Drives innovation 
Initial quality 


High 
Needs very high standard 


submissions 

Achievement of Less focus on critical outcomes, more Tight focus on few critical outcomes 
outcomes focus on wider range of outcomes 

Overall complexity of | Can be simple and shorter in duation Is more complex and needs careful 
process management 

When applied For multiple situations and across When a project has very specific con- 


Stronger differentiation 
between criteria 
Flexibility 

Benefits 


a range of non-complex projects 
Generally more criteria and differen- 
tial between weighting is not large 
More procedures can be used 

A limit is reached on what benefits can 


ditions it needs to achieve 
High differentiation between 
weightings 

Targeted at dialogue 

There is more flexibility for the 


be contained with the final price supplier and they are rewarded as the 
innovation is recognized in the evalu- 
ation as a moneterised value add but 


the price is not changed 


9 LESSONS LEARNED AND CONCLUSIONS 


In a challenging world, where there are increasing demands driving increasing value through 
the procurement process for complex infrastructure projects and with the growing importance 
of Net Zero and Social Value, it becomes even more critical the practitioners understand and 
can focus on the vital few outcomes that deliver the maximum benefits. 

There is a real risk that the future procurement of projects will get diluted, and the out- 
comes not achieved. The concept of TQ is not new, but projects steer away from a process 
that focus down to the vital few, preferring to keep within a broad set of measures that makes 
the real differentiation between bidders harder to achieve. Projects need to understand what 
should be prioritised and how to drive the best outcomes, even if it feels a more risky and less 
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comprehensive approach. Critical to achieving this is spending the time developing a “high 
basic standard” for the scope that everyone must deliver. 

Key is we should not be afraid to challenge the norm and teams should have confidence in 
their ability to define the critical outcomes that are required. These outcomes, now and in the 
future, will move even further towards real whole life economic outcomes rather than whether 
a contractor has the capability to build an infrastructure asset. As such, I strongly believe the 
entry requirements to start participating in a bidding process should get higher, focusing on 
past performance and being able to deliver the high construction standard. Only then should 
the dialogue move on to a targeted conversation with all bidders on what are the outcomes we 
really wish to achieve. For example, focusing on Net Zero, Social and whole life economic 
Value with the accompanying aligned leadership to deliver to these values. These will not be 
the same leadership skills that have been used to deliver the construction of an asset on site. 

In the transport sector we should also learn from the renewables sector and understand the 
benefits of driving a strong Pre-Qualification Questionnaire through the procurement process, 
as unfortunately the Supplier Questionnaire in the United Kingdom does not assess the bid- 
ders against the standard required as the required standard is only developed later in the pro- 
curement cycle. 

It is positive that all the indicators are showing that the new UK Procurement Regulations 
will allow more dialogue with bidders, and this is a key lesson learned from the procurement 
of A303 — we could not have delivered TQ without the dialogues and therefore we would not 
have been able to focus on the vital few. 
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ABSTRACT: This paper elaborates on the elements that differentiate tunnelling design 
from other disciplines. Provides ways to distinguish judgement-based design processes to mass 
production. Give a thorough view to managers regarding the elements that affect significantly 
the performance of a team by analysing the social processes that affect cohesion and decision 
making quality. Explain the difficulties that managers face growing teams at specific magni- 
tude and how this is substantiated by social science. Finally, an analysis is provided for the 
organisational and leadership model of a team required to perform under fast-track and 
unconventional design conditions with relevant example from similar practices. 


1 TUNNELLING AND THE ART OF “JUDGEMENT-BASED WORK” 


1.1 Definition of Standardised and “Judgement-Based” processes 


The main task in Tunnelling and in Geotechnics is to deal with the chaotic behaviour of 
nature. Thus, the human factor becomes the main decision-making tool that controls a design 
or a construction procedure, creating a highly variable product, comparing to the other engin- 
eering disciplines. 

Tunnelling and Geotechnics are an engineering division which is described mainly by 
“mechanisms”, field experience and not absolute standardised rules. This is an issue that 
affects all processes that their products are based on not well-known and standardised mater- 
ials. Therefore, what it is called art, or better described as “judgement-based work” is the pre- 
sented variability in the processes, its inputs and its outputs. Thus, “judgement-based work” is 
required in changeable environments (geology) and also when clients value highly a distinctive 
or unique product which presents high variability in the final form. 

If both of the above two reasons (variable materials/environment & variable product appre- 
ciation) are not met then mass production processes, fully standardised, can be implemented. 
However, in Tunnelling, although affected by the variability of a changeable environment, cli- 
ents do not appreciate most of the times, the potential of high variability at the final product. 
That is the reason why high effort is exerted in order to bring the process environment under 
control. 

Process standardisation is the preferred option for any business and especially engineering 
because the quality of the product (budget, schedule, scope) can be secured and controlled 
better by predictive methods of management (e.g. Waterfall, Standardised Iterative Processes 
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by ITA, WG2, 2000). However, in Tunnelling and Geotechnics there are limitations on how 
far this tendency can go. Beyond some point, standardisation makes no sense and therefore 
the “judgement-based” processes must be secured in the design or construction management 
and harmonised. 

A useful tool for the managers to categorise processes is the terms and the table below. 


e Mass processes are standardised processes that are geared to eliminate variations in output. 

e Mass customization uses a scientific process to produce controlled variations in output. 
Output variability is limited to combinations of predefined components. However, when 
clients or where environment conditions (such as geotechnics, location etc) demand true 
customization, it will fall short. 

+ Judgement-based or craftmanship processes leverage variability in the environment to create 
variations of products or services that customers value. They rely on the judgment and 
direct experience of experts. Before choosing judgement-based or craftmanship processes, it 
is critical to make sure that clients really value output variation. 

e Nascent or broken processes/Hybrid processes cannot produce the consistent output that cli- 
ents demand. Out-of-control processes are common when a product or process uses radically 
new materials, technology, or designs. In these situations, managers should consider whether 
controlling output variation is feasible or desirable. If variation cannot be controlled but cli- 
ents can be persuaded to value it, a judgement-based process is the solution. If clients won’t 
tolerate variation, the focus should be on understanding its causes and creating a standard 
process. Geotechnics and Tunnelling are usually found in this area of the table. 


VARIABILITY OF ENVIRONMENT/MATERIALS 


JUDGEMENT-BASED OR CRAFT- 


MASS CUSTOMISATION MANSHIP PROCESSES 


NASCENT OR BROKEN PROCESS- 
ES 
Also Hybrid processes of all other 3 op- 
tions 
(High Effort of process management) 


MASS PROCESSES / STANDARDI- 
SATION 
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(Hall & Johnson, 2009) 


1.2 Management and promotion of “judgement-based” processes 


1.2.1 Importance of awareness and alertness 

Management methods in engineering, tend to broadly use standardised processes in order to 
control the deliverable/product in terms of schedule, quality and cost. Standardised processes 
promote mass production and minimize the risk of quality deviation in a production line. 

The above mentioned management preference cannot be blindly and without proper assess- 
ment be implemented in processes where variability cannot be avoided. Most of the times, this 
management tendency of standardisation generates complex rules to follow, in order to tame 
an erratic input environment. The use of strict rules or protocols where judgement-based deci- 
sions are necessary, can be the reason for a major deviation in quality or desired product 
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performance. Standardised methods require continuous reassessment as they reduce account- 
ability and engineers tend to switch to autopilot engineering judgement. 

A tunnelling or geotechnical team, working under challenging projects and project delivery 
requirements, should always exert two critical and basic qualities at every stage of design or 
construction process — Awareness and Alertness. These qualities cannot be exercised by one 
and only person (e.g. expert or specialized supervisor). They have to be team performance 
qualities. In order to promote awareness and alertness to be developed, engineers should be 
left to use their engineering judgement and think out of the box. For many managers, this 
sounds like opening the pandora box. However, the risks generated by autopilot performance 
are higher taking into account the erratic geological environment. The need of exercising 
awareness and alertness also dictates the methods and the limitations to create a high perform- 
ing tunnelling or geotechnical team. 

According to research and consulting experience, there are three steps that can provide 
enough support to managers in order to explore ways to implement and evolve judgement- 
based processes in a hybrid way. These steps are: 


e Step 1: Identify what should and shouldn’t be “judgement-based” process. 

e Step 2: Develop an infrastructure to support “judgement-based” process. 

e Step 3: Periodically re-evaluate the division between standardised and judgement based 
processes (science and art). 


1.2.2 Identify what should and shouldn't be “judgement-based” process 

This is the first and most important stage of managing a project or task that does not 
follow the clear path of standardised management process. Usually, these are projects 
that deviate significantly from what a team considers typical practices of “business as 
usual” tasks. 

However, this evaluation has to happen from a team of experts, who can operate effectively 
in chaotic environments. At this point, managers have to provide sufficient time for this pro- 
cess to happen and not to rush into conclusions that may lead to disastrous results. Managers 
should create an environment where experts can work efficiently in order to reduce 
a “judgement-based” process into a standardised one. 


1.2.3 Develop an infrastructure to support “judgement-based” process 

Tasks that are mainly depending on “judgement-based” processes cannot be evaluated by the 
typical metrics of standardised processes. The evaluation of these type of tasks mainly is based 
on the appreciation of the client . If for a specific project, a new idea contributes to 
a significant change of a construction process in order to become more efficient, more eco- 
nomical and more safe then these should be the metrics to evaluate this idea. “Judgement- 
based” processes may need significant time and cost to run, however, their final value on the 
project can be enough in order something impossible to become possible and therefore lucra- 
tive for the investor.Figure 2. 

Managers should be experienced enough in order to be able to understand in depth 
a project and manage to identify and separate the standardised and “judgement-based” pro- 
cesses. Keeping tasks that integrate both types of processes is significantly counterproductive 
and sometimes disastrous. 

Building up “judgement-based” capabilities in a team or individual is a very complicated 
and long-term task. In fact, it is a never-ending learning process even for the experts. 

A training programme should be in fact a training everyday culture, towards getting engin- 
eers and personnel in general, creative, with out of the box thinking and ready to handle 
unknown and chaotic parameters with what we call “gut feeling”. 

It is also a process that is highly biased from the mentality and mentoring processes of 
the mentor who is passing his/her methodologies to the chosen ones. Chosen-ones, 
because not all individuals are capable for this kind of task. In fact an excellent engineer 
in standardised processes is highly more probable to totally fail in the understanding of 
how to implement “judgement — based” processes by handling totally unknown 
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parameters of a problem. Similarly, masters in “judgement-based” processes usually find 
standardised tasks absolutely boring or be incapable to follow-up close coordination in 
repetitive processes. 


1.2.3.1 ACCEPTING & MANAGING FAILURE/MISTAKE 

Accepting and managing failure or mistake in a “judgement-based” process is an everyday 
task for the team and the leader. However, the methods that are usually implemented in stand- 
ardised processes, are of minimum help here. 

Main reason why managers work with the same standardised management procedures on 
“judgement-based” processes is also because of the high probability of mistake or failure. The 
illusion that well established management processes can secure and justify the decisions taken, 
is a Serious issue in big organisations. 

Failures or mistakes have different level of exposure. Generally, we can divide them to the 
Internal and External. Internal are the ones that can be handled inside the organisation. Exter- 
nal are the ones that require the main stakeholders (Designer, Consultant, Contractor, Client) 
to participate. 

Internal failures or mistakes are handled by the leader through the everyday interaction 
with the team. Here, the significance of the “Alert and Awareness” skills are of great import- 
ance. The team has to work as a single neuronic system, one brain, where the decision or 
input of one member has to be clearly understood and communicated to all the others. Here 
the use of risk/opportunity matrices, action tables, morning coordination meetings are of 
great help but one should not only count on them. The secret in changing the management’s 
mindset, is to see every mistake or failure as an opportunity for training the team better and 
the more the mistakes the faster the build-up of expertise. 

The External failures or mistakes are very hard to handle as they usually go down to the 
conceptual understanding of the project. Some measures that can help to minimise them as 
well as to control the consequences are the following: 


¢ The triangle of Client-Contractor-Designer/Consultant must have strong bonds. 

e Invest on continuous build-up of knowledge even during construction. Contractor and 
Designer should be always present on-site and working together. Minor feedback from an 
incident that Contractor can consider an “everyday” situation for an expert Designer may 
ring an alerting situation. 

¢ Sharing of risks and of consequences should be exercised under the understanding that the 
mitigation of a chaotic-uncontrolled situation (such as geology) is every stakeholder’s 
responsibility. 


1.2.4 Periodically re-evaluate the division between standardised and “judgement-based” 
processes 

Managers have to regularly re-evaluate the status of the tasks inside their project cycle that 

have been characterized as standardised or “judgement-based” processes. 

This is a necessary action in order to increase productivity and volume of work per man- 
hour. By passing an activity from “judgement-based” to standardised, the project is one step 
closer to mass-production and with a better defined final product to be presented to the 
Client. 

However, the opposite can also happen, meaning that standardised tasks to shift to “judge- 
ment-based” ones, if there is solid feedback that results and Client satisfaction are better, by 
custom made solutions. 

Managers should always be openminded and keep continuously an eye on new develop- 
ments in science and technology. A sudden break-through in science or technology may affect 
significantly several “judgement-based” processes to become standardised. 

The above described, are based on an organisational culture that always seeks of the new 
and the development. In order this to be achieved, the following should be properly 
evaluated: 


3405 


e Experience comes with age. However, mature engineers are less likely to accept a change in 
the existing status quo. 

e Young and fresh minds are more likely to bring into the team new ideas and technologies. 

e Young and fresh minds are more likely to be the reason for a new failure or mistake and 
this to be the reason for a major lesson learnt. 

e Fast developing teams are teams with a good balance ratio between Experienced/Novice 
engineers. 

e Managers should be careful of who is exercising “judgement-based” or standardised pro- 
cesses. The diffusion between the two mentalities is not acceptable. For example, rough cal- 
culations or estimations (usually done in a “judgement-based” process) are not acceptable 
in a standardised process where rules and standards should be religiously followed. 


2 BEHAVIOURAL ELEMENTS OF A TEAM/GROUP 


2.1 Decision making 


Groups are usually superior in decision making than individuals. Ideas, solutions, combined 
knowledge and evaluation are richer and at a higher standard. However, groups are also the 
reason for making very poor judgement and decisions. Below, the main issues of poor or prob- 
lematic decision making inside a group, are elaborated. 


2.1.1 Polarization 
Let’s say you are part of a group that discusses the methods for the construction and protec- 
tion of a portal. Due to poor geology, initially you consider to implement a rather rigid retain- 
ing methodology composed of anchored pile wall with a semi open Cut&Cover. However, due 
to the extensive experience of the group in open cuts, the group discusses possibilities this to 
become a totally open cut section. Gradually, as the discussion is maturing and your partners 
in the group are giving more input about it, you finally accept the proposal of open cut solu- 
tion. You then present it to your manager who is horrified by this choice and blasts on you. 
This hypothetical example is consistent with studies of group making decisions that involve 
risk. Researchers have discovered that many groups shift toward more extreme decisions 
rather than less extreme decisions after group interaction. Discussion turns out not to moder- 
ate people’s judgments after all. Instead, it leads to group polarization: judgments made after 
group discussion will be more extreme in the same direction as the average of individual judg- 
ments made prior to discussion (Myers & Lamm, 1976). If a majority of members feel that 
taking risks is more acceptable than exercising caution, then the group will become riskier 
after discussion. 


2.1.2 Common knowledge effect 

Groups provide a serious advantage in decision making process by utilizing greater pools of 
ideas and experiences. However, too often groups spend more time on items that are common 
and widely known and not on rare and unshared information. This is happening because indi- 
viduals feel more comfortable on identifying common experiences between members. This 
common knowledge effect will result in a bad outcome if something known by only one or 
two group members is very important. 

Researchers have studied this bias using the hidden profile task. On such tasks, information 
known to many of the group members suggests that one alternative, say Option A, is best. 
However, Option B is definitely the better choice, but all the facts that support Option B are 
only known to individual group members—they are not common knowledge in the group. As 
a result, the group will likely spend most of its time reviewing the factors that favour Option 
A, and never discover any of its drawbacks. In consequence, groups often perform poorly 
when working on problems with nonobvious solutions that can only be identified by extensive 
information sharing (Stasser & Titus, 1987). 
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2.1.3 Groupthink 

Groupthink is a disease and a necessity. Groupthink helps us to blend in and feel accepted 
and validated. However, it is also a serious disease that infects healthy groups, rendering them 
inefficient and unproductive. According to Irving Janis (1982), who first worked on this issue, 
the syndrome of groupthink is: “a mode of thinking that people engage in, when they are deeply 
involved in a cohesive in-group, when the members’ strivings for unanimity, override their motiv- 
ation to realistically appraise alternative courses of action”. 

The basic symptoms that can serve as warning signs for the members that are engaging 
groupthink are, overestimating the group’s skills and wisdom, biased perceptions and evalu- 
ations of other groups and people who are outside of the group, strong conformity pressures 
within the group, and poor decision-making methods. A strong, elite group inside a company 
that strongly steers the culture and the methods, can easily exhibit groupthink. 

Groupthink also occurs when the following four factors are combined: 


e Cohesion — Groupthink occurs only in cohesive groups. The higher the cohesiveness, the higher 
the danger of groupthink. Conformity pressure becomes higher and members are getting more 
reluctant to disagree. 

e Isolation — Groups that too often work behind closed doors. They avoid leaks by maintaining 
strict confidentiality and working only with people who are members of their group. 

¢ Biased leadership — 4 biased leader who exerts too much authority over group members can 
increase conformity pressures and railroad decisions. 

e Decisional stress — Stress over a decision, particularly by time, can generate groupthink syn- 
drome. When groups are stressed, they minimize their discomfort by quickly choosing a plan of 
action with little argument or dissension. Then, through collective discussion, the group mem- 
bers can rationalize their choice by exaggerating the positive consequences, minimizing the pos- 
sibility of negative outcomes, concentrating on minor details, and overlooking larger issues. 


2.2 Team/Group number effect 


Teams and working groups require significant effort to become productive and successful. 
Among other factors, the number of members is a critical one. If a group is too small, does 
not have the sufficient critical mass to sustain it. On the other hand, if it is too large you end 
up with too noise, cliques and problematic behaviour. These optimal and sub-optimal commu- 
nity sizes appear in strata, like discrete layers of rock. For a community to advance from one 
strata to the next, often it takes immense energy. 

In this chapter, the ideal numbers are presented where communities seem to function best 
and less ideal numbers where communities begin to grow unstable, remaining like this until 
a new threshold number is achieved. It is noted that companies with thousands of employees 
are not falling into any of the group threshold numbers. However, any working group or team 
inside these companies presents similar behaviour. 


2.2.1 “The working group” - 7 
This community presents a size of 4-9 members. However, 7 is a good average according to 
social studies. A group of 7 is the first group size presenting significant cohesion. Groups 
below this size run also efficient but lack of enough manpower to deliver results or enough 
critical mass to sustain. 

Seven is an optimal size for corporate and government committees as well as small busi- 
nesses. In this group size, members feel comfortable and natural, therefore cohesion increases 
drastically and the first signs of leadership emerge. 


2.2.2 “The Judas number” - 13 

Thirteen (13) is a threshold nadir number. It means that groups of this size change behaviour 
(coming from the groups of 7) and there is a risk to become dysfunctional. It is a particularly 
critical number, especially for businesses that try to grow above their start-up size. Thirteen (13) 
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is not an exact number but it is easy to remember. The range in which dysfunctional behaviour 
appears is 9-25 and the worst range area is 12-15. 

Groups of this size present issues such as feelings of unfairness and not equal participation 
(although this is not true). Members are automatically lumped into categories and they are 
not trusted as individuals. Also, there is development of many leaders who usually struggle for 
status and increase the conflict. If the group remains a lot of time at this volume then either it 
shrinks or it can split in 2 or 3 smaller and better functioning groups. Therefore, the “Judas 
number” group becomes from exclusive to non-exclusive, meaning that the members of this 
group are not anymore member of one and only group. It must be pointed out that this par- 
ticular size of group is not necessarily bad. For example, most juries are made up by groups of 
this size. It is just that this group size threshold, requires significant energy to control it. At 
the same time the dynamics and the tensions inside help to avoid groupthink. 


2.2.3 “The non-exclusive Dunbar number” - 50 

Dunbar’s number is a suggested cognitive limit to the number of people with whom one can 
maintain stable social relationships. A commonly used value to represent this, is 150. Fifty 
(50) matches to the lower end of a threshold that Robin Dunbar set for group sizes. This 
threshold falls in the range of 25-75 with a more natural range of 50-60. Most of small com- 
munities and companies present this volume as a stable number to exist. 


2.2.4 “The Dunbar valley” - 90 

This is again a nadir threshold number. This group size requires more energy to keep cohesive 
and in fact the group members have to agree on a higher level of commitment in order to 
grow to the next level, or they will shrink or split. The ancient Roman “century” originally 
was 100 and they shrunk gradually to 70-80 soldiers. 


2.2.5 “The exclusive Dunbar number” - 150 

As described before, according to human cognitive limit, this is the upper size for cohesive 
groups. The range can be from 100 to 250. According to R. Dunbar, such groups require 42% of 
total time budget to be devoted to social grooming. These kind of communities are relatively few 
with ultimate goal the survival. Significant effort is required in order to keep this group-size cohe- 
sive and united in order to perform one goal. These groups, they become gradually non-exclusive 
groups, either automatically or with specific organisational setup and allocation of members. The 
organisational divisions that are usually implemented are these of 30-70 members. 


3 EXAMPLE OF MANAGING A DESIGN TEAM UNDER FAST-TRACK & 
UNCONVENTIONAL CONDITIONS 


3.1 Definition of design conditions 


The task that the team had to undertake was the detail design of 26 tunnel portals in 6.5 months. 
Geological and hydrogeological conditions for this project were significantly adverse. Loose sands, 
weak soils with very low shear strength and significant water presence, even artesian conditions. 

As client’s appreciation of product variability was low and the variability of environment/ 
materials was high, we were in Nascent or broken processes/Hybrid processes and we applied 
a combination of judgement-based process and standardisation. 

The team was initially 4 members (2 senior engineers, 2 draftsmen). This team worked for 
the preliminary design. However, the delivery capacity and quality was very low. This was 
attributed mainly to the low experience and technical level of the team in similar projects but 
also to the distant location of the team (comparing to the head management location) and 
cultural understanding. 

Management took decision to appoint new International Experienced Team Leader, to 
strengthen the team with 3 more members (2 junior engineers, 1 medium level draftsman), in 
order to achieve a production rate of 1 portal per week. Such rate was bounded with high 
contractual penalties. 
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3.2 Team management model 


At the beginning of the detail design phase, the team was found with a new Team Leader and 
3 more members. It was doubled in size (4 to 8) and it was necessary the team to readjust and 
re-know itself. However, all these had to happen together with a very tight delivery schedule. 

An agile approach of management was used (Scrum) mainly because, the technical level 
and capacity was unknown. This method supports and permits faster changes inside the team 
to happen, in order areas of design that were falling behind, to be supported by more capable 
members as the team was gradually finding its potential. In order this method to be properly 
implemented, the design tasks were divided in smaller categories, in a way that proper stand- 
ardisation and follow-up was possible. 

Scrum is a single-team process framework used to manage design (product) development. 
Scrum is run on timeboxes of 1 month or less with consistent durations called sprints where 
a potentially releasable increment of design (product) is produced. In the particular case, the 
sprint was initially 2 weeks and gradually decreased to 1 week. 

The Scrum team consists of a Project Manager (Product owner), a Team Leader (Scrum- 
Master) and a design team (development team). 


e The Project Manager is responsible for maximizing the value of the design, internally 
(proper decision making & judgement based process) and externally, towards Client, by 
supporting the solutions of the design. 

e The Team Leader is responsible for ensuring the design process is upheld and works to 
ensure that the Design Team adheres to the practices and rules as well as coaches the team 
on removing impediments. 

e The Design Team is a cross-functional, self-organising team consisting of team members, 
who have everything they need within the team in order to deliver the design product, with- 
out depending on others outside of the team. 


The decision making and judgement based tasks were strictly done only by the Team 
Leader and Project Manager with close collaboration. 

For the team to provide fast results, the Team Leader must be highly energetic and pro- 
active, pushing the team to self-learning of its potential. For this reason the concept of Shu 
Ha Ri was implemented (origination from martial art of Aikido). 

In the Shu state (Beginning state), the Team Leader (ScrumMaster) sets up the processes 
and tasks of design almost daily, helps the team get to a sustainable pace with known velocity 
and uses retrospect to introduce changes that improves production rate. At this stage, the 
Team Leader has to perform all tasks in a detailed exhibition way in order for the team to 
learn from him/her. 

In the Ha state (Improving state), the Team Leader has a team that gets design tasks done 
(internal design quality check shows small issues), and new design tasks are ready with all 
decision making done a priori. The team has a continuous flow of work and everyone has 
found his/her place doing design tasks that make them feel comfortable. Design deliverable 
rates clearly show at least a doubling of productivity and the team has strong management 
support. The team is positioned to work on hyper-productivity, the design goal of Scrum. The 
Team Leader at this stage, makes fine adjustments inside the team and advance training. 
Through the gained mutual trust, the Team Leader sets new goals of productivity. 

In the Ri state (Maturity state), the team is hyper-productive and almost autonomous. The 
work of the Team Leader has practically a supervising only role and is involved mainly in 
decision making for judgment based decision. At this state, the Team Leader, identifies 
advanced qualities that the members of the team have. These specific members will be the new 
core of the next transformation stage of the team with simultaneous increase in size and there- 
fore to be ready for the next project. 


3.3 Results - Conclusions 


The team passing through the stages described above had achieved the following results: 
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¢ Total production 125 drawings and 50 notes 

e Outsourcing of 4 portals out of 26 

¢ Total time of delivery 5.5 months — mean production rate, 4 portals per month 
° Shu state — lasted 2.5 months — mean production rate, 3.0 portals per month 

* Ha state — lasted 2.0 months — mean production rate, 4.0 portals per month 

e Ristate — lasted 1.0 month — mean production rate, 6.5 portals per month 


The team during Shu state (Beginning state) changed also internally. Old members left and 
new members joined the team. The size of the team fluctuated between 6 and 9 members. This 
was a deliberate choice in order to keep the team in the best performance volume (Working 
group level). During the Shu state, team had to inform management about the necessity to 
outsource specific amount of work that was not able to be performed by the team and keep 
deliveries on time. 

During Ha state (Improving state), team increased cohesion and mutual trust between 
members. High level achievements were visible by the team and also the appreciation from 
management. 

During Ri state (Maturity state), team outperformed. Hyper-performance was achieved by 
splitting the team in 2 groups that had equal design workload. Team members gained max- 
imum level of autonomy. In Ri state, specific team members showed capabilities of leadership, 
higher technical advancement and consistency of performance. 

The above described experience, shows that a tunnelling/geotechnical team, in order to be 
built from scratch and immediately to deliver, requires agile management approaches that sig- 
nificantly defer from the traditional ones. The success cannot be guaranteed and always 
a plan B must be in place (outsourcing). The success also relies certainly to the capabilities 
and expertise of the team in similar design conditions and projects. 
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ABSTRACT: Insurance policies which are fundamental for a tunnel project to commence 
and finalize are managed primarily by the Insurer and the Insurance Broker (acting on behalf 
of the Insured) and are premised upon specific conditions and requirements. 

Because of the extremely technical nature of tunnel projects, the placement of the appropri- 
ate insurance policy presupposes the availability of specific information to establish bespoke 
policy wordings and clear terms & conditions. These can influence the level of the insurance 
premium and other critical elements (e.g. deductibles, sub limits, etc). A crucial role in this 
lengthy and (occasionally) attritional process is delegated to Risk Engineers, who can facilitate 
the entire process by delineating the project’s overall “risk profile” through discernible services 
assisted by dedicated aids. These could create a healthy competition among Insurers, high- 
lighting the Insurance Broker’s invaluable role and finally satisfy the project’s needs. 


1 INTRODUCTION - GENERAL 


Every civil engineering and in particular every underground & tunneling project, irrespective 
of its size, type, location, value, complexity, etc., requires as a prerequisite from Lenders the 
existence of a valid insurance policy for the construction activities to commence. The type and 
form of the insurance policy along with its stipulated particulars require a thorough investiga- 
tion, a detailed presentation and cooperation between all incumbent parties, namely the 
Insured, the Insurance Broker and the Insurer in order to deliver the correct message, meet 
the project’s requirements and fall into the Insurer’s financial capacity and risk appetite. 

For achieving the above objectives, there are specific and well-defined procedural steps to be 
followed, clear and explicit preconditions to be met, a diverse group of experts to be mobilized 
and involved, and various challenges and hurdles to be overcome in the context of a candid and 
truthful collaboration among all involved parties. This paper elaborates on the above features, 
providing the necessary explanations and guidance for a holistic and comprehensive approach, 
emphasizing the critical and most influential parameters. It describes the role each one of the 
three incumbents has to play and the actions to take in order to amicably and professionally 
manage the insurance particularities and mutually agree on the final product. 


2 KEY RISK EXPOSURES & HAZARD SOURCES — PROMINENT IMPACT 
Every underground project is exposed to many risks of varying nature and diverse conse- 


quences, which shall primarily and foremost be dealt with in the design and construction 
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management practices. Nevertheless, the probability of a loss incident can never be annulled, 
always leaving a residual risk. In addition, the progress and maturity level of the project can 
create new risks and modify or alter the risks already identified. Hence, it is of primarily 
importance to review the most prominent hazards, common to almost all tunnel projects, as 
briefly presented hereinafter. 


2.1 Natural environment — Ground conditions — Geology 


Ground conditions (including any distinct features, such as fault, bedding, etc.) and their phys- 
ical and mechanical characteristics play a key role in the behavior of underground openings. 
Combined with other tunnel characteristics (e.g. depth, size, alignment, etc.), it could alter the 
likelihood and severeness of a loss and modify its manifestation (e.g. “chimney-like” failures). 


2.2 Construction methods — Machinery — Plant & equipment 


A diverse suite of construction methods and a broad spectrum of equipment and (sophisticated) 
machinery are available for tunneling, selected upon specific criteria (such as ground conditions, 
tunnel characteristics, logistics, etc.) The situation could become more complicated if any 
unproven (untested) technology or the adoption of innovations and novelties are proposed. 


2.3 Design approach & concept 


Design, although constituting the cornerstone of a successful project (Konstantis, 2020), is 
considered responsible for more than 40% of the underground failures (Reiner, 2011), whilst 
the most common and potentially shocking failure mode is the collapse of the tunnel face and 
support overstressing (Konstantis et al, 2016; Spyridis and Roske, 2021). 


2.4 Construction execution & workmanship — Quality of finished product 


A successfully executed project needs to meticulously adhere to the approved and scrutinized 
design, whilst concurrently adopting a robust inspection and supervision program. This will 
increase the possibilities of a quality product, minimizing defects, etc. 


2.5 Natural & environmental hazards — Third party liability 


A diverse set of natural hazards (mainly of an uncertain and unexpected nature) can affect the 
project, with the expected impact directly related to the location and project preparedness. Con- 
versely, there are other man-made environmental hazards (such as noise, vibration, dust, etc.), 
which could affect third parties (especially in urban and densely populated areas). These need to 
be fully addressed in the design and construction concept and practices. 


2.6 Prominent tunnel failures & losses 


Under specific conditions and circumstances, the above-mentioned hazards could be proven 
highly impactful and potentially catastrophic, especially in more complex projects. The conse- 
quential and collateral damage could also be emphatic, both in financial (costs) and time-related 
(delays) terms (with the latter also translating into financial damages), as presented on Figure 1. 


3 MATERIAL INFORMATION - UNDERWRITING CONSIDERATIONS 


Tunnel projects come in many shapes and forms and the following is a non-exhaustive list of 
tunnel projects, generally considered as major civil construction projects: 


e Hydroelectric schemes — headrace tunnels, tail race tunnels. 
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Figure 1. Prominent historical tunnel failures and insurance losses (compilation of publicly available 
data). 


e Underground metro projects. 

e Tunnels constructed using: 
o Conventional Excavation 
o Tunnel Boring Machine 
o Cut & cover methods 


For insurance companies to understand a project and be in a position to provide the 
best insurance coverage that fulfils project requirements, accurate and full information 
relating to the project must be provided (Towers and Scott, 2015). It should be remem- 
bered that insurance transfers risk from the owner and contractor’s balance sheet to 
that of the insurance company. If the insurer does not have the information to fully 
understand the risk exposure presented, they will err on the side of caution, be it with 
restricted coverage or increased premium and deductibles. This financially could result 
in the contractor or owner being required to retain more of the risk than may be 
necessary. 

Experienced insurance brokers generally know what is required. However, market 
conditions, timing and inexperienced brokers who do not fully understand the impacts 
of providing inadequate information to the insurers may contribute to less risk being 
transferred to the insurer. It should not be overlooked that brokers as well as insurers 
have in-house engineers with civil engineering backgrounds who are able to review and 
understand the technical information presented. Additionally, insurance risk engineers 
are often exposed to numerous projects throughout each year and can add value to the 
risk management process through shared experiences from a plethora of other tunnel 
projects. 

The type of information generally required for a full project review includes but is not 
limited to: 


* Detailed project description — Scope of Work 

e Ground Condition reports 

* Design details 

e Complete set of project drawings 

e Contractual information (budget and baseline schedule, etc.) 

e Construction data (Method Statements, plant & machinery, etc.) 

* Quality data (e.g. QA/QC plans, third party properties management, etc.) 
e Health & Safety data 

e Risk Management data (Risk Management plan, risk registers, etc.) 


It should be noted that all this information should be readily available and is not a special 
requirement. Additionally, there is a duty to disclose information to the Insurers which the 
Broker can advise on. Failure to disclose relevant information could lead to significant 
repercussions. 
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4 KEY FACTORS OF SUCCESS - INVOLVEMENT ROADMAP 


4.1 General 


Despite the above difficult situation, there are specific and targeted actions to be implemented 
towards a proper and effective risk management program. These initiatives should ideally cover 
all stages of a project’s lifecycle and be founded on a solid and robust interaction between the 
Insured, the Insurance Broker and the Insurers. The critical linkage among them is risk engin- 
eering, which could effectively and amicably reinforce/substantiate the trilateral negotiations, 
address underwriters’ considerations and key requests and satisfy the project’s requirements. 

The main responsibility for developing a well-structured and proactively implemented action 
plan falls to the Risk Engineer, whose critical role and responsibilities are explained below. 


4.2 Timeline of involvement — Cooperation among all parties — Project lifecycle 


Due attention ought to be given not only to the involvement of an experienced Risk Engineer 
but also at the timeline of his involvement, as the level and magnitude of “effort” and “benefit — 
return” heavily depend on it. Figure 2 presents an indicative and characteristic graphical illustra- 
tion of the variation of risk engineering involvement at the different project realization phases. 


Project phases Project phases 


Concept > Tender Construction Operation Concept —> Tender —> Construction —> Operation 


Figure 2. Project phases & risk engineering (indicative generic illustration). 


4.2.1 Project development stage 
This is a critical period, with feasibility studies playing a crucial role on forming and shaping 
the project and its contextual ‘risk profile’. Moreover, actions such as third party surveys and 
dilapidation studies, development of the technical viability of the project, the preparation of 
a design of the upcoming procurement stage, the selection of the preferred form of procure- 
ment contract, etc., can facilitate a smooth placement of the necessary insurance policy. 

From a risk management perspective, the project owner’s role is pivotal in setting up the 
risk policy encompassing the risk acceptance criteria, a qualitative risk assessment and 
a detailed analysis of areas of special interest or concern. 


4.2.2 Construction contract & procurement — Tendering & negotiation stage 

This stage is important both for the project contractual particulars (such as pre-qualification 
process, contract models and documentation, tender assessment and contract award) as well 
as the insurance aspects. Clear guidance and directions can positively affect the terms and con- 
ditions of the insurance policy, addressing the main concerns and reservations from the 
underwriters. 


4.2.3 Project design stage — Project formation and structuring 

The element of design is present throughout the project’s entire lifecycle (in the form of sched- 
uled designs and/or field changes) and unfortunately (as seen from publicly available data) has 
a role to play in every major loss incident. Hence, due care and attention ought to be given in 
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order to address all aspects and especially achieve the fundamental objective of managing the 
remote risks (“high impact low probability”) during construction and throughout the design 
life of the project. Critical elements (such as temporary vs permanent works) need to be scru- 
tinized, whilst the existence of risk registers is considered best-practice in the context of risk 
management perspective. A commonly used approach is the ALARP (“As Low As Reason- 
ably Practical”) principle, which balances between the upper “unacceptable region” of intoler- 
able risks that should be reduced regardless of cost and the lower “broadly acceptable region” 
where there is no need to consider risk reduction. 


4.2.4 Project construction stage 

Following the above stages, the next step is the actual construction of the project. It is critical 
that the project is developed with no deviations from the approved project design or from the 
framework of a well-structured and project-specific Construction Management Plan (CPM). 
Other essential elements relate to the Instrumentation and Monitoring (I&M) schedule, the 
skills and qualification level of the construction team, the workmanship and quality level of 
the final product, etc. Nevertheless, for the seamless transition from theory (plans and proced- 
ures) to tangible outcome (actual structures), the primary role of supervision and inspection 
has to be acknowledged and recognized, both by the Contractor and the Project Owner. 


4.2.5 Project owner’s role & Responsibilities 

The Project Owner holds the ultimate ownership and business case. He dictates the particulars 
and details of the contract and other transaction documents and specifies the critical project 
requirements and performance outcomes. Through a careful and robust selection of his part- 
ners/representatives he can gauge the project delivery process and the desirable quality level of 
the final product. The above actions should receive elevated attention in the case of an Owner 
Controlled Insurance Policy (OCIP), where the management and administration of multiple 
construction contracts and interfaces (both external and internal) is of fundamental 
importance. 


5 INSURANCE POLICY PARTICULARS & KEY ITEMS 


5.1 Optimum timescale — Best practice 


The establishment of an insurance policy and its mutual agreement and consent may be 
a lengthy process and (occasionally) attritional, hence requiring a pro-active and meticulous 
approach. Time is essential in achieving the best possible outcome for all stakeholders and 
avoiding pitfalls and omissions, especially in complex tunneling projects. As a rule of thumb, 
a period between 2 to 6 months may be needed for the Insurance Broker (with the assistance 
of his Risk Engineer) to digest the information, submit it to the Insurers in a structured way 
(‘Construction Risk Report’) for their information and review, to negotiate lead terms and 
gather support from the insurance market before finally placing the insurance policy. 


5.2 Insurance premiums 


Setting insurance premiums is difficult as no two tunnel risks are the same. This makes bench- 
marking premiums from one project to another impractical. However, premiums are affected 
by the level of information and confidence an insurer has about a particular project. If 
insurers have to make conservative assumptions in relation to the project and its risk manage- 
ment framework, this can adversely affect the insurance premium from the project owner/con- 
tractor’s perspective. 

As previously noted, factors that affect premiums include type of tunnel construction, con- 
tractors experience, length and depth of tunnel, ground conditions, location (susceptibility to 
Natural Catastrophe), deductibles or excess, policy terms and conditions, adherence to the 
Tunneling Code of Practice and finally insurance market conditions. 
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5.2.1 Effects of rating tools on insurance premiums 
Nowadays most insurance companies have sophisticated rating tools which are based on his- 
torical data that is then analyzed and analyzed using the insurer’s models. Input parameters in 
these tools will affect the perceived risk quality and thus the premium. There are several differ- 
ent rating tools available to insurance companies, with the use of a particular rating tool over 
another determined by company preference. 

The rating tools themselves are sensitive to parameters such as: 


e Ground conditions (unknown or limited information will also result in insurers making 
conservative assumptions). 

e Contractor experience (personal). 

¢ Length, depth, diameter and tunnel alignment. 

¢ Tunnel construction (drill and blast, Conventional Excavation, TBM, etc.) 

e Fire protection and detection (during construction). 

e Construction costs for particular elements of work. 

e Project timeline and timeline for individual aspects of work (Tunnelling, mechanical and 
electrical, as well as other fit out works). 


The quality of the information supplied by the project team/contractor directly determines 
the output from the rating tool. The experience and judgement of the underwriter assisted by 
the in-house engineers determines the data inputted. As the input to the rating tool can be 
varied, the sensitivity of the output can also vary. Using the extreme ranges of each input field 
the output can differ significantly. 

With all parameters leaning towards a well-managed risk, these judgements can lead to sig- 
nificant discounts on the final premium. If information is unknown, a cautious approach is 
adopted resulting in a higher insurance premium. This is an undesirable situation for both the 
insurance company (who wants to be competitive) and the insured who seeks a competitive 
premium. 


5.2.2 Other factors affecting price 

It is worth noting that the focus on premium discussed thus far has been attributable to the 
level of information provided to the insurance company for review, and owner’s and/or con- 
tractor’s adherence to a robust risk management framework. However, all else being equal 
there are other factors that can dramatically affect premium. 


5.2.2.1 Loss estimates 
The standard way in which most insurance companies operate is to review the available 
technical information presented by the project owner and/or contractor and to determine 
the worst probable disaster scenario and to estimate a monetary value for this scenario. 
This is known as the Estimated Maximum Loss (EML) or the Probable Maximum Loss 
(PML) and the accuracy is determined by the extent and quality of the information 
supplied. 

By doing this, the insurance company can determine the amount of potential financial 
exposure it will have from a particular event, which is one factor considered in determining 
how much premium it will need to charge to cover potential claims. 


5.2.2.2 Deductibles 

The level of self-retention or deductible or excess will also affect the insurance premium. 
This is the part of the insurance claim that the insured must bear, usually on a per 
event or per occurrence basis. The higher this figure, the lower the insurance premium, 
as the insured is bearing more of the risk. A difference of one to two times in the 
deductible level might incur a substantial saving in the premium under specific condi- 
tions and circumstances. 
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5.2.2.3 Policy coverage 

Policy coverage will also have a profound effect on the premium charged. As an example, full 
defects coverage with guarantee maintenance could attract upwards of a 25% loading on pre- 
mium compared to a traditional coverage of consequential physical damage loss resulting 
from said defects and extended maintenance. 


5.2.2.4 Tunnel sub limits 

Realistic tunnel sub-limits based on calculated assessments by engineers can be used to limit 
the exposure of insurance companies. Therefore, if full reinstatement coverage for a project is 
not actually required and it is more appropriate that a lower loss limit can be accepted, then 
the insurance premium will be lower. The in-house risk engineers from the insurers and bro- 
kers can help to determine an appropriate limit. 


6 RISK ENGINEERING MANAGEMENT 


6.1 Risk engineering management tools 


There are several well-established and globally recognized tools that can assist the Risk Engin- 
eer in accomplishing his/her goals to reach an optimum outcome. Two of the most commonly 
used ones are the “Code of Practice for Risk Management of Tunnel Works — TCoP” (ITIG 
2012) and “ITA — AITES Guidelines for Tunneling Risk Assessment, 2006”, which can signifi- 
cantly improve the project’s marketability with insurers. 


6.1.1 Tunnelling Code of Practice (TCoP) 

The TCoP is a very powerful and extremely useful document in managing risks in a tunnel 
project. It is the most frequently used and recommended document in the insurance industry 
when structuring an insurance policy. Since its publication in 2003, the document has 
a proven and sustained track record in contributing to the reduction in frequency of tunnel 
failures and consequences (both in cost and time). Like other documents, it has to be used 
carefully, with any conclusions drawn aligned with the business model and particularities of 
each individual project. 

The TCoP is an excellent tool in streamlining and benchmarking project plans and proced- 
ures and managing the anticipated expectations. The approach equally beneficial to all parties, 
is a “pro-active” one based on compliance with the “spirit of the code”, rather than a “passive 
approach” (compliance to the ‘letter of the Code’) which is more onerous and cumbersome. 


6.1.2 ITA — AITES WG2 guidelines 

This document is a powerful asset when dealing with risk management. It provides indications 
on recommended industry best-practices for risk management combined with guidelines to 
designers as to the preparation and implementation of a comprehensive risk management 
system for tunneling works. The main objectives of this document are to give guidance for the 
identification and management of risks in tunneling and underground projects, whilst clearly 
describing the transition of risk management from the initial design stages up to construction. 


6.2 Risk engineer — Tasks, activities & services provided by risk engineers 


6.2.1 Benchmarking exercise against the TCoP — Baseline results 
The benchmarking exercise is carried out against the TCoP to determine the compliance level 
and manner of the project with the requirements and guidelines of the TCoP. As already 
explained, there are two ways of undertaking this task, namely the “proactive — to the spirit” 
and “passive — to the letter” approach. 

The former requires a robust engineering judgement of an experienced Risk Engineer based 
upon a thorough use of engineering skills. The latter could be described as merely 
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a “simplified and rigid procedural route” that lacks flexibility, ignores the technical particular- 
ities and overlooks the distinct operational characteristics of the incumbent parties. 

The benchmarking exercise and the effort to delineate the compliance level are following 
the same essential and non-negotiable fundamental principles, as briefly presented below: 


* The TCoP complements rather than supplanting any local standards and statutory duties 

e It stipulates the hazard identification process for all distinct four project stages 

« It encompasses a set of formalized procedures, clearly structured 

e It recognizes the need and importance of risk registers at each project stage, concurrently 
considering them to be “live” documents 

e Risk is managed to the ALARP level, avoiding any exaggerations and onerous directions 

« It recognizes the need to ‘cascade’ risk registers through all project stages in a seamless and 
continuous procedure 

e There is a clear and obvious allocation of risk and responsibility at every stage, avoiding 
any ambiguities and generalities that could jeopardize the project’s integrity and safety 


The designated route and process of the benchmarking exercise presupposes the evaluation 
and assessment of various topics, including a detailed list of project information deliverables. 
Indicatively, it can be said that topics around work method statements, QA/QC, project and 
risk management plans, plant selection criteria, value engineering and constructability reviews, 
etc., all form part of the key evaluated areas. In conclusion, the benchmarking task is 
extremely useful during the insurance policy pre-placement (negotiation) period and should be 
ideally combined with the underwriting submission. 


6.2.2 Broker PML studies — Insurable limits delineation 

PML studies are a critical tool in the endeavour to approximate the correct (and sufficient) 
level of insurable limits, ensuring the right balance is struck between coverage and premium. 
The main reason for this approach is that the “traditional” concept was based on correlating 
the indemnification provided following a loss with the original construction cost, usually 
capped at 125% or 150%. However, this approach could substantially underestimate the pro- 
vided indemnity and hence leave the project significantly underinsured. 

The assessment of the PML needs to be realistic and properly substantiated in order to pre- 
vent extremes that could compromise the validity and applicability of the insurance product 
(Konstantis, 2017 and 2018). The actual process of calculating the PML has to clarify what is 
actually at risk, what the value at risk is, and what portion of it is likely to be damaged and to 
what extent. In order to facilitate the entire process and reach a realistic outcome, there is 
a suite of information required to be provided. A non-exhaustive list could include the 
following: 


e Overall plan of the project, including its relative location to all other adjacent properties 

e Plans and sections of key structures of the structures of the project, in order to identify con- 
struction material, layouts, construction sequences, temporary works, etc. 

e Construction cost details for all major components of the project 

e Construction program/timeline of the project 


In brief, the procedure to be followed commences with the review of the relevant project 
information in an effort to understand the project. The process continues with the identifica- 
tion of the hazard sources that have the potential to cause a loss incident, albeit consideration 
is given only at the “major” loss scenarios with highest envisaged impact. These scenarios are 
then quantified and assessed on the basis of the likely cost impact and time delay. The above 
steps, although seemingly generic, have to be adjusted in line with the conditions and particu- 
larities of each individual project that is examined. The use of any previously acquired experi- 
ence and robust engineering judgement is acknowledged with the identification of the “major” 
loss scenarios and also the evaluation of the extent of the credible damage to be caused (both 
cost and time). 
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7 CONCLUSIONS 


This paper attempts to show the benefits and merits of a professional and amicable collabor- 
ation between the Insurers, the Insurance Broker and the Insured with the established level of 
confidence and trust reflected with competitive premiums (subject of course to the current 
insurance market conditions). This confidence is gained by the demonstration of the use of 
risk management techniques, since the more insurers understand about a project, the likeli- 
hood of the insurance company participating in a project increases. This creates competition 
between the Insurance companies and elevates their construction risk appetite, which in turn 
leads to broader coverage and reduced premiums and lower project costs. 

It should be remembered that insurance is not purely a financial mechanism to restore pro- 
jects to the same pre-loss position, but its interest in other aspects of a project (such as safety, 
quality, risk, etc.) can be proven equally assistive and favorable to the project. It is in the inter- 
est of the Insured, the Insurance Broker and Insurers that the project is completed free of any 
claims and disputes. In order to achieve this, the experience and knowledge gained by the in- 
house risk engineers of Insurance companies and Insurance Brokers who visit numerous 
tunnel projects annually, can facilitate a dissemination of lessons learnt and best -practices 
that should not be overlooked by any project team, Contractor or Employer. 


DISCLAIMER 


This paper is written in personal capacity of authors and the opinions expressed therein do 
not represent the organizations, which they work for or are affiliated with. 
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ABSTRACT: Flooding is becoming one of the world’s most devastating natural hazards caus- 
ing severe social, economic and environmental impacts. The number and severity of events are 
rising rapidly, driven by climate change. Flood risk can be minimized and managed by using 
a combination of early warning systems and response mechanisms, such as weather/flood manage- 
ment plans and physical barriers. Although the built environment is usually very resilient to such 
natural perils and largely responds well to natural catastrophes, assets and in particular under- 
ground works under construction are inherently far more exposed. The risk is compounded when 
flood risk during construction is not specifically addressed, the focus being on the completed asset 
only. This paper discusses potential flood hazards and vulnerabilities, proposes a flood risk assess- 
ment process and presents example cases and mitigation measures, with focus on construction of 
underground works. Reference is also made to a new best practice guideline being prepared by 
members of the Construction Insurance Risk Engineering Group (CIREG), which intends to 
introduce the concepts of Flood Risk Baseline Reports and Flood Risk Maps for managing and 
mitigating the associated risks. 


1 INTRODUCTION 


1.1 Flood risks and hazards 


Flooding is becoming one of the world’s most devastating natural hazards causing severe 
social, economic and environmental impacts. Floods can occur from river (fluvial) or rainfall 
(pluvial) events and regularly cause devastating damages, with losses running into multiple 
USS billions. In 2021 alone, flooding accounted for US$ 90bn in losses, US$ 20bn of which 
were insured (Munich Re). Moreover, the latest catastrophic flood event in Central Europe in 
July 2021 was the costliest natural catastrophe in modern European history and, with esti- 
mated overall losses of US$ 54 bn, the costliest flood event globally of all times (Munich Re). 

Climate change is driving more severe weather, increasing the probability and severity of extreme 
precipitation events in many regions, leading to more frequent flash floods and river flooding. Wea- 
ther patterns have become disrupted and are less predictable, existing drainage infrastructure may 
no longer be sufficient and become overwhelmed, local knowledge and design codes may not 
address the new water volumes and historical data (return periods) may be less relevant and unreli- 
able. It is reported that the number of natural catastrophes/ disaster events has been growing at 
a rate of 3% per annum since 1980 (Munich Re). In addition, numerous scientific studies analysed 
by the Intergovernmental Panel on Climate Change (IPCC) indicate a likely rise in extreme flash 
floods and river floods in many regions. However, flooding is considered as the natural hazard 
against which precautionary measures can be most effective and where protective measures can con- 
siderably reduce the potential losses. 


DOI: 10.1201/9781003348030-414 


3420 


1.2 Natural Catastrophes and secondary perils 


Natural Catastrophes and secondary perils are related but are not the same. Natural catastro- 
phes are the primary peak perils, such as earthquake and windstorm, which have the potential 
to cause widespread economic and property damage and loss of life. Secondary perils refer to 
a wider range of perils such as convective storms, severe rainfall and hailstorms (including the 
secondary effects of primary perils) that generally affect a smaller area. However, for those 
impacted by either, there may be no appreciable difference. The severity of the damage 
depends on the resilience of the affected population and their infrastructure. 

The insurance industry places a significant focus on natural catastrophe including sophisti- 
cated modelling and protect themselves through applying insurance policy limits, deductibles, 
aggregation and accumulation. Secondary perils, despite typically costing the insurance indus- 
try more than natural catastrophes, do not currently receive the same level of attention (Swiss 
Re), but growing losses and awareness of climate change are starting to change that. 


1.3 Sources of flood 


There are different sources of flood hazards, including: a) Fluvial, such as rivers, streams and 
brooks, canals forming part of a river system or culverts and channels diverting rivers and 
streams, b) Pluvial, such as surface water flooding, overflow of surface water and/or foul 
water sewer drainage systems, flash floods or reactivation of desert wadis or channels of 
creeks that that are normally dry, c) Coastal, such as storm surge, tidal, tsunamis, d) Ground- 
water, e) Utility water mains burst and f) Levee or a dam break or overflow. 

Flood events can vary and may be limited to hours, days, weeks or even months with the longer 
periods occurring especially when the ground is already saturated after periods of persistent rain- 
fall. Fluvial flooding normally lasts a few days until draining back into the river and channels. 
Tidal flooding can have several cycles matching the local tides until the waters recede. Pluvial 
flooding durations will usually vary from relatively short periods depending on local drainage 
although in some cases areas may remain flooded for several days until the water levels can 
recede. Flooding often occurs due to a combination and inter-relation of multiple sources and 
rarely a distinction of the main source is clear. This adds significant complexity to the modelling 
and the destructive potential makes water a high risk, which therefore needs diligent management. 


1.4 Underwriting considerations 


According to information available in the public domain (Swiss Re), more than 60% of all natural 
perils losses (by quantum) result from secondary perils. These are of particular importance to con- 
struction, given the relative lack of modelling for such perils. Additionally, the protection level 
(return period) of projects during their construction phase is often below what it will be once 
complete. 

As per claims information from the construction insurance industry, storm, flood and inunda- 
tion are a major source of construction losses, and when they occur, they disproportionally impact 
civil engineering works. These water-related losses account for approx. 36% of the total, higher 
than other categories such as fire and explosion. It is evident that these perils have a limited 
impact in operational classes, illustrating the relative exposure of completed assets (lower) versus 
those in a temporary state (higher). 

A key underwriting consideration is how well the exposure is adequately addressed at site 
level and the extent to which rainfall and inundation hazards are dealt with in risk registers. 
There are examples of major civil engineering projects heavily exposed to windstorm without 
any reference to storm and storm surge in the project risk register. Furthermore, responses to 
questions on flood often reference permanent design solutions, indicating that the temporary 
state has been possibly overlooked. Risk mitigation, if offered, is often “standby pumping 
facilities available on site”, however a more robust response would be to focus efforts on pre- 
venting flood waters entering the works. Some risks are simply inherent, such as the flooding 
of flood plains and that water always finds the weak and low points. Additionally, some 
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strategies deliberately allow flooding to occur (for example overtopping of cofferdams). These 
exposures need particular attention if they are to be sustainably transferred to insurers. 

Given the increasing trend of flood-related losses, exacerbated by climate change, the Con- 
struction Insurance Risk Engineering Group (CIREG) has taken the initiative to produce the 
Code of Practice for Rainfall, Inundation and Flooding Construction Project Risk Manage- 
ment (draft title). The document is currently being prepared by members of the group, includ- 
ing Ruler Consult, and elements of the Code are presented in this paper. 


2 FLOOD INFLUENCE FACTORS 


The most common factors which can contribute to, affect or exacerbate the probability of 
occurrence of a flood are presented below. 


2.1 Location 


This may include close proximity to a water source and/or within a flood plain, high ground- 
water levels due to local geological and hydrological conditions and high rainfall seasonal wea- 
ther patterns 


2.2 Topography 


Topography of site and surrounding land can affect potential flow pathways into and within 
the site. Examples include low-lying areas and sites situated at the bottom of a valley or elevated 
terrain. Elevation, direction and degree of sloping land can impact speed of spread, velocity, 
depth and duration of flood water. In very wide and relatively flat flood plains, flood levels will 
normally rise more slowly, have a lower velocity, and be shallower in depth with larger flood 
extents but smaller differences in depth between different return period events. In small and 
steep valley areas, the opposite is more likely. The flood water pathway can also affect the 
levels of debris and pollution that could be carried in flowing waters, impacting the scale of 
potential damage and environmental clean-up costs. 


2.3 Changes in land use patterns and adjacent works 


Urbanization can result in land being covered in impermeable concrete and tarmac, which can 
decrease and/or disrupt natural drainage and soakaway times as well as changing flood path- 
way and flow routes. In addition, adjacent works may channel water on to the project site. 


2.4 Design 


Design factors may include changes in drainage designs or insufficient drainage capacities (per- 
manent and temporary), changes to the existing flowing or static watercourses such as (planned 
or inadvertent) damming and re-routing, changes in overflow facilities, changes to flood wall 
and defence systems, and other changes which can affect the flood risk and would not be pre- 
dicted by pre-project design flood models. 


2.5 Construction phases and sequences 


During the construction phases and sequencing, the assets can be inherently more vulnerable 
to damage and this can depend on the stage of the works. For example, in early project stages, 
excavations, foundations and fresh-cut earthworks can become unstable when saturated and 
are exposed to erosion, wash-out and settlement. Underground works have a significant 
potential for water damage due to flood water finding the lowest level of the site, e.g. unpro- 
tected shafts, basements or other openings. 
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Pathways for water can include heavy rainwater percolating at sufficient rate and surface 
runoff waters directly entering open excavations and tunnel networks can distribute the water 
widely. Temporary works are often designed and maintained to lower standards and can be 
more exposed e.g. temporary structures such as cofferdams, berms and retaining walls. Lay- 
down areas can be particularly exposed and easily overlooked. 

Temporary flood protections, where provided, are typically designed to a lower return period, 
are of lower quality and subject to less inspection and maintenance. In later project stages, water- 
susceptible building materials may be stored at ground or basement levels i.e. electrical compo- 
nents, plasterboard, joinery, and these are vulnerable to water damage. Mechanical and electrical 
plant is particularly vulnerable especially when installed in basements and water-damaged equip- 
ment may become non-compliant with quality specifications and warranties and therefore require 
replacement rather than repair, adding to the cost of damage. Certain types of construction 
material are more vulnerable to water damage and may be subject to swelling or mould. 
Unsecured large/heavy plant and equipment (or other motor vehicles) have also the potential to 
be damaged by flood water or cause damage to project works when engulfed in flood waters. 


2.6 Indirect consequences of flooding 


These may include damages to public utilities and supply to the site, flooding to local roads 
and infrastructure affecting access to the site and supply chain, impact of demand surge for 
third party specialist contractors and suppliers post-flood events e.g. specialist clean-up ser- 
vices, emergency generators, water pumps, de-humidifiers etc. 


3 FLOOD RISK ASSESSMENT 


Flood Risk Assessments of the completed asset are increasingly common (though often driven 
by environmental considerations rather than property damage) however best practice would be 
for flood risk assessments to consider all the stages of the project execution, with a particular 
focus on the most vulnerable stages. For each project stage, the responsible party would appoint 
an expert to produce the respective flood risk assessment report and deliverables. 

ISO 31010 defines an appropriate method for the flood risk assessment process and the 
output could be documented in a formalised risk register, as illustrated in Figure 1 below. In 
a robust risk management process, flood risk workshops, brainstorming sessions and 
a continuous feedback loop would take place between the key project participants resulting in 
regular updates of the respective risk registers. Assessment of potential flood risks would con- 
sider both project internal and external factors during the project execution stages. External fac- 
tors would be dealt with by effective stakeholder management and would typically include, but 
not be limited to, third party works and activities which may: alter the local topography; create 
preferential surface water paths and low points; divert run off water causing local flood; affect 
the water discharge capacity from the project area; block the drainage network; increase hard 
surfaces and reduce the natural infiltration capacity; increase dynamic effects (wind-blown, 
minor wave, etc), and; include the installation of new water utility pipes. 


Figure 1. Risk management process as per ISO 31010 (left) and example of a formalized risk register 
(right), (DAUB, 2022). 
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Best practice flood risk assessment would: a) consider all possible sources of water, all pos- 
sible scenarios and combinations of scenarios, tidal effects and water level fluctuations, dis- 
charge capacity and run off, flood attenuation and storage, potential impact on pollution and 
contamination and irregular natural processes and events specifically those considered more 
likely or more severe due to climate change, b) take account of the changing topographic con- 
ditions as the project progresses, c) follow a holistic approach as various flood elements inter- 
act and/or could occur simultaneously, such as surface drainage system and coastal flooding, 
surface drainage system and groundwater, external water utility burst and storm or external 
water utility burst and blocked drainage network; and d) implement the worst case scenario 
(or combinations of scenarios) in determining the maximum flood threshold levels for all pro- 
ject execution stages and for all temporary and permanent works. 

The flood return periods adopted for the temporary and permanent works would be correl- 
ated with the duration of the project (or part thereof) execution and the projects’ design life, 
respectively. The potential for significant project delays and therefore extended period of 
exposure would also be considered. The adopted flood return periods would be chosen with 
acceptable probabilities that a flood event might occur at least once within the time period of 
interest. Furthermore, when analysing return period data, the effect of climate change would 
need to be incorporated to ensure more recent patterns are given greater weighting. 


3.1 Safety margin and freeboard 


In addition to designed flood protection levels (return period), best practice would require the 
specification of a minimum acceptable freeboard, defined as the height of an asset’s threshold 
(finished floor) level above the maximum predicted flood threshold water level. As per best 
practice, the minimum freeboard would a) consider both temporary and permanent works 
and construction sequence, b) as a minimum, take account of contingency for uncertainties in 
modelling data and dynamic effects such as wind-blown effects and minor wave effects and c) 
follow a risk-based approach, for example according to the ALARP principle as presented in 
Figure 2. An example of a risk-based freeboard approach is typified by the Wastewater Plan- 
ning Users Group (WaPUG) Code of Practice for the Hydraulic Modelling of Sewers (3rd 
Edition). This best practice guide sets guidelines for acceptable verification of peak depth in 
a hydraulic model between observed and predicted data to be in the range +0.5m to -0.1m, 
indicating the range of uncertainty that is to be expected. 


neguoible 


Figure 2. Safety margin and freeboard (left) in accordance with the ALARP principle (right, DAUB, 
2022) (* The values in the table are for permanent works and exemplary. The threshold values would be 
defined with respect to the project and risk characteristics, e.g. in relation to flood height for return 
periods of different scales). 


3.2 Flood Risk Baseline Report and Flood Hazard Maps 


During the project planning/development stage and prior to the tender stage, it is best practice 
for the project owner to prepare and develop a Flood Risk Baseline Report (FRBR) to serve as 
the contractual baseline for flood-related scenarios, associated risks and potential losses. 

Such a FRBR would consider the existing site conditions and topography and the final con- 
figuration of the planned permanent works. It would be based on the storm event key design 
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parameters and flood return periods stipulated in the contract. For the design stage, construc- 
tion stage (including the construction sequence of the works), Testing & Commissioning stage 
and trial operation stage before the project hand-over, the designer would incorporate the 
FRBR and develop Flood Hazard Maps (FHM) for flood-related scenarios and associated 
risks, as presented in Figure 3. 

The FRBR and the FHMs would: a) be quantitative; b) incorporate probabilistic methods 
and analysis in flood modelling with probabilities of exceeding baseline and design assumptions; 
c) implement weather and storm prediction real-time or almost real-time mechanisms (for the 
FHM), and; d) take into consideration uncertainties in the key modelling design parameters 
due to climate change, which may lead to sudden and severe storm events/flash floods, exceed- 
ing the design assumptions and overwhelming storm water drainage networks. 

In respect of the potential for flash floods, a best practice assessment would consider poten- 
tial vulnerability, rapidity, impact from both water and materials and the requirement for 
a post-event emergency response. 


Flood Depth 
indicator 


Flood Depth 


Figure 3. Example of a Flood Hazard Map. 


3.3 Flood risk assessment process 


Best practice flood risk assessment models would use the ‘source/pathway/receptor’ approach, 
to consider the source or type of flooding and associated probability; the pathway or route 
flood waters will take to reach the project site area; and the susceptibility of the project site 
(receptor) to flooding. 

A best practice flood risk assessment process would adopt a proactive risk management 
approach, comply with Standards, Codes of Practice and Regulatory Requirements and 
would include the following attributes: a) Identify the flood hazards i.e. flood source, path- 
ways and other contributing factors that may lead to a flood event occurring and consider 
various sources of flooding and rational combinations; b) Quantify the probability and magni- 
tude of potential flood events and assess climate change trends in precipitation volumes and 
storm duration; c) Consider blocked drainage, local and wider topography and landscape, 
including topographic changes which could affect the location of and potential depth of 
floods; d) Identify and consider future interfaces and adjacent projects, landscaping and archi- 
tectural constraints; e) Determine and assess factors that may affect the consequences of 
a potential flood event in terms of property damage and delay and/or interruption of the pro- 
ject; f) Map consequences with different operational response times; g) Evaluate level of 
adequacy of any on-site and/or external mitigation measures and identify what additional 
measures would be necessary to adequately reduce and manage the risk; h) Assess acceptable 
worst case scenario; i) Determine the maximum flood threshold level and the minimum asset 
level with a risk based freeboard, and; j) Carry out ongoing reviews of the risk assessment and 
risk controls as the project progresses Design Data and Key Modelling Parameters 

Design data and key modelling parameters to be used for the flood risk assessment would 
include: a) rainfall, including flood return period, storm duration, average annual rainfall, max- 
imum annual rainfall, maximum daily (24h) rainfall and maximum hourly rainfall; b) site area 
topography (as it changes as the project progress); c) site area landscape and vegetation; d) site 
area plans in global coordinates; e) utility information including combined services plans; f) sur- 
face water drainage model, including hydraulic model, groundwater infiltration parameters, storm 
profiles, scenarios modelling undertaken such as for example surface water assumed not to enter 
the drainage system i.e. 100% blocked gully/inlet scenario, with all rainfall flowing overland and 
ponding; g) foul sewer drainage model; h) coastal water assessment where applicable, considering 
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different flood risk scenarios, water level return periods and sea level rise; i) geological and hydro- 
geological information; j) evaporation parameters; k) landscape design, considering levels, low 
point areas, slopes, surface of hard- and soft-scape areas, and; 1) groundwater assessment. 

It is noted that groundwater flooding occurs in a range of geological settings, often caused 
by the combination of high groundwater levels with intense and/or long periods of rainfall 
leading to water emerging above the ground surface. 


3.4 Water utility burst assessment 


Operational pipelines under pressure could accidentally burst due to a number of reasons, such as 
asset deterioration, pressure transients/surge, ground movements, external loading, design errors 
or poor workmanship. Failure of pressure pipelines conveying liquids can lead to flooding of 
public areas and pose a risk to the project site area and third-party assets. The consequences of 
a pipe burst are dependent on the burst flow rate and subsequent volume based on system behav- 
iour/response time, local topography, drainage provisions and the proximity of pressure pipelines 
to assets. A best practice water utility burst assessment, including the associated flood risk, would 
be carried out in three stages: 1) asset categorisation: identify and categorise the pressure mains 
within close proximity to each location. These mains would then be classified by characteristics 
including type, diameter and pressure; 2) identify worst case failures: hydraulic calculations would 
be used to establish potential flow rates and flood volumes for various failure modes for different 
operational response times (e.g. two-hour and eight-hour operational response times) such as: a) 
Failure Mode 1 — Small Orifice, b) Failure Mode 2 — Large Orifice and c) Failure Mode 3 — Rup- 
ture (Distribution mains only), and; 3) consequence mapping: a flood model would be used to 
determine the overland flow and flood impacts on the project site area. The flood hazard level and 
flood depths predicted by the model would be assessed and a worst-case scenario with blocked 
drainage gullies would be considered. 


4 PROACTIVE RISK MANAGEMENT 


In underground structures under construction, the majority of (external) flood related claims 
can be attributed to water ingress due to one or more of the following: a) inadequate (tempor- 
ary or permanent) measures around openings; b) adjacent (related or un-related) works unin- 
tentionally diverting water towards the site; c) incomplete permanent works such as 
unplugged penetrations; d) inability to manage groundwater inflows; e) volumes of water 
exceeding pumping capacity or failure of pumps; f) blocked drainage/manholes; g) wider dis- 
tribution of the water through the tunnel network, exposing e.g. TBMs and sensitive/long lead 
equipment; h) burst utility pipes, either related or unrelated to the construction works; 1) poor 
or defective workmanship in waterproofing and joints, and; j) inadequate and poor design, 
configuration and drainage provisions of at grade ventilation and exhaust shafts. 


Photograph 1. Continuous concrete upstand around shaft openings. On the right picture, notice inside 
the red circle the openings for pipe and cable installations, introducing a weak point (left photograph 
source: https://www.fudotetra.co.jp/en/business/civil_eng/project/shield/). 
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In the framework of a proactive risk management approach, a best practice water and flood 
management process would consider the following, as a minimum: a) Provide continuous and 
designed water-retaining barriers to the top of all shafts and basements plus temporary flood 
berms or barriers to all other openings and/or low-lying areas; b) Provide adequate drainage 
pump capacity, redundancy and power back up; c) Establish a water/weather task force team 
focused on assessing, installing and maintaining flood and water damage prevention measures 
(similar to the concept of fire wardens); d) Document identified risks and weak points in risk regis- 
ters and continuously update and review; e) Develop and strictly follow appropriate QA/QC pro- 
cedures with Inspection and Test Plans (ITPs); f) Procure independent third party certification of 
roofing and waterproofing; g) Continuously monitor adjacent third party works and activities to 
identify potential increased flood risk due to channeling of run-off waters; h) Disseminate lessons 
learned from past failures and events and mock up critical waterproofing details; 1) Develop, main- 
tain and test Flood, Water and Weather management plans; j) For any potential emergency situ- 
ations identified in the above, develop, maintain and test appropriate emergency response plans; 
k) Establish a 24/7 emergency contact list and maintain on site and in the building the necessary 
identified protection measures for quick deployment; 1) Ensure pressure tests are carried out 
meticulously and perform final inspections before commissioning of wet pipes; m) Effectively 
manage subcontractors; n) Regular and ongoing review of the risk assessment and risk controls as 
the project progresses, and; o) Carry out regular risk site surveys. 


Photograph 2. Examples of incomplete works providing a pathway for water ingress. 
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Photograph 3. Blocked drainage network. 


Photograph 4. Example of inadequate and poor design, configuration and drainage provisions of at 
grade ventilation and exhaust shafts. In the left picture (source: parkviewdc.com), the shaft’s grill is flash 
with the pavement and there is no protection upstand. In the right sketch, the shaft has no stepped config- 
uration with a sump and drainage pit and rain and flood water directly enters the underground structure. 
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ABSTRACT: The age of the infrastructures and the ever-increasing levels of traffic make it 
necessary to deal with the problem of safety of the structures with the greatest rigor, by fully 
reviewing the methods of inspection, investigation and intervention adopted up to that 
moment. This article illustrates the experience gained by Rocksoil company on the tunnels of 
the Italian motorway network by proposing a new methodological approach that starts from 
an in-depth knowledge of the tunnel and its history and evaluates its state of consistency 
through a detailed inspection and a series of supportive diagnostic investigations. After com- 
plete defect identification and cataloging, the interventions aimed at re-establishing the safety 
conditions are planned and subsequent checks and monitoring are defined in order to verify 
their duration over time. 


1 INTRODUCTION 


Given the geomorphological conformation of the Italian peninsula, the national motorway 
network has more than 350 km of tunnels, built from the 1930s to the present day. In particu- 
lar, from the post-war period up to the 1980s, over 400 tunnels were built for almost 200 km, 
which, according to the construction techniques of that time, did not provide for the adoption 
of waterproofing systems. Starting from January 2020, a half of this important component of 
the heritage of Italian tunnels has been under a systematic assessment process aimed at verify- 
ing and guaranteeing the safety conditions of these dated works. In about 18 months, concrete 
lining tunnels, measuring almost 100 km in total, were inspected. The inspections were then 
followed by a phase of analysis of the encountered problems, deepened thanks to a series of 
diagnostic and instrumental investigations. Thanks to an accurate cataloging of defects and 
their subdivision into categories, it was therefore possible to plan typological safety measures, 
which were promptly applied. 

This article aims to illustrate the new methodological approach proposed for the assessment 
of tunnels, which consists of 4 sequential phases: investigative, diagnostic, therapy and moni- 
toring phases. 

The development of this methodology, perfected by Rocksoil company together with two 
other Italian design companies, Lombardi Ingegneria and SWS Engineering, was coordinated 
by Rocksoil and validated by the “Politecnico di Torino” University (Barla M. et al. 2021). 
This new approach finally merged into two official documents issued by Italian Infrastructure 
Ministry addressed to road infrastructure managing institutions, becoming the reference 
guideline at the national level (Italian Infrastructure Ministry 2020, 2021). 
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2 THE NEW METHODOLOGICAL APPROACH 


The new approach adopted for the assessment of Italian tunnels is organized into the 4 sequen- 
tial phases described in the following: investigative, diagnostic, therapy and monitoring phases. 


2.1 Investigation phase 


The proposed methodology starts from the investigative phase, which involves the examin- 
ation of the available historical documentation, the execution of a set of basic investigations, 
the in-depth inspection of the tunnel with the identification of all defects and their severity, 
and finally further in-depth investigations chosen on the basis of the type of defects found 
during the inspection. 


2.1.1 Historical documentation and basic investigations 

Even before entering the tunnel to conduct an in-depth inspection, it was necessary to collect 
as much information as possible by examining all the available historical documentation to 
reconstruct age, general geometry, thickness of the structural components and used materials, 
as well as methods and construction phases dating back to the era of construction. Any previ- 
ous investigations and documents attesting past modification or restoration interventions also 
played an important role in dating the onset of defects and in understanding their evolution. 
In fact, good knowledge of the long term behavior will make it possible to direct the choice of 
repairs more effectively. 

Once the past information had been reconstructed where possible, it was important to con- 
solidate the current state of tunnel through a set of basic investigations. First, a laser scanner 
was performed on the entire archway aimed at reconstructing the intrados shape and detecting 
surface defects. A series of georadar scans was then carried out along the entire length of the 
tunnel to verify the thickness of the lining and investigate deep anomalies. Finally, three con- 
crete samples were taken every 50 m from tunnel lining for its mechanical characterization. 


2.1.2 In-depth tunnel inspection and further testing 

The key element of the investigation phase is represented by the in-depth inspection of the 
entire surface of the tunnel with identification of individual defects and attribution of their 
severity. This detailed inspection defined the reference state against which the other monitor- 
ing actions can be used to assess how it changes. 

The in-depth inspection has been conducted by adequately qualified technicians who had 
relevant civil engineering experience. In addition, those persons had received specific training 
on tunnel inspection. 

In general, the detailed inspection of the tunnel has taken place during night shifts com- 
pletely closed to traffic and has always required the use of mobile elevating work platforms. 
In addition, since the areas of the vault affected by the presence of water were often covered 
with corrugated sheets, an “inspection train” has been organized to allow inspectors to exam- 
ine the entire surface of the archway without exclusion, consisting of: 


e Site team dedicated to the disassembly of corrugated sheets. 

« Team of 4 inspectors on 2 elevating work platforms, each dedicated to a section of the 
tunnel, and foreman on the ground. 

e Technical assistance for in-depth investigations contextual to the inspection. 

e Site team ready to intervene for the resolution (if possible) of the problems that otherwise 
would not allow the reopening to traffic at the end of the inspection and for the reassembly 
of the previously disassembled corrugated sheets. 


The procedures for observing, analyzing and classifying deteriorations that appear on the vari- 
ous parts of a tunnel have been established in accordance with the provisions of the “Road tunnel 
civil engineering inspection guide” issued by the Center d’Etudes des Tunnels (CETU Book 1-2, 
2015). This manual has been selected as the best international reference currently available for 
people in charge of conducting detailed civil engineering inspections of bored road tunnels. 
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According to the manual, the inspection method is visual and by hammer testing, as shown 
in Figure 1. This non-destructive method allows for a good evaluation of the condition of 
structures but does not prevent the inspector from asking for the implementation of other ana- 
lysis methods to help him assess the “state of health” of all or a portion of the structure. In 
general, it is necessary to go further with the inspection by using non-destructive testing (sonic 
or ultrasonic measurements, infrared thermography, radar measurements...) or destructive 
testing (core drilling, window sampling...) depending on the nature and the extent of the 
defect and the state of the structure. 

All anomalies detected during the inspection were transcribed on special inspection sheets 
referring to 20 m long portions of tunnel, as shown in Figure 2. 

For defect identification it was decided to adopt the detailed catalog defined by CETU, 
shown in Figure 3, which grouped together the deteriorations or faults of concrete lining that 
are most often observed during tunnel inspection and classified by theme. 

The manual even proposes the rating method “Image Qualité des Ouvrages d’Art” (IQOA), 
shown in Figure 4, which is based on two indicators, one concerning the state of the civil engin- 
eering and the other concerning the presence of water, which makes it possible to classify zones. 

It is worth noting that defects or deficiencies which can endanger users’ safety require 
urgent remedial actions (S-class). In case it is not possible to promptly intervene, the tunnel 
must be close to traffic until the problem is solved. 


1. Team 

1 dedicated to 
disassembly of 
corrugated 
sheets 


2. Inspector 
team on2 
elevating 

2 work 
platforms 


3. Site team 
ready to 

3 intervene 
for problem 
resolution 


Figure 1. Inspection team organization and hammer for testing used during tunnel in-depth inspection. 


2.2 Diagnostic phase 


The investigative phase is followed by an accurate analysis of all the data collected and their cor- 
relation in order to complete the overall picture of the encountered problems, defining in detail 
their nature, extent, triggering causes and potential repercussions on tunnel and user safety. 

Once all the defects have been catalogued, it is essential to study their interactions and 
evaluate the establishment of potential combined effects that are far worse than the single 
defect considered isolated. 

In general, any noted defects are the consequences of a deterioration mechanism that may 
have various root causes: 


e the geological, geotechnical and hydrogeological conditions of the rock mass surrounding 
the tunnel section may affect the extrados of lining or the tunnel walls; 

e the construction of the tunnel may cause negative consequences when defects in the design, 
use or even nature of the materials constituting the tunnel are proven; 
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Water ingress 
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Efflorescence on mortar and concrete 
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Figure 3. CETU catalog of deterioration. 


2 | Minor deteriorations which do not endanger the stability of 
the structure 


Area with light water flow 


Figure 4. Rating method “Image Qualité des Ouvrages d’Art” (IQOA) for civil engineering and water. 
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e the ageing of materials may caused or accelerated by the various chemical attacks to which 
the structure is subjected. 


The purpose of the diagnostic phase is therefore to identify the relative contribution of each 
of these factors. 

Based on what was observed in the inspected tunnels, mainly built between the 60s and 80s, 
the most common defects can be traced back to the following categories: 


¢ Surface faults in the concrete (up to 5 cm); 

°- Impairment/deep disintegration of concrete due to the action of water which can lead to 
detachment of portions of concrete; 

e Construction defects such as sub-thicknesses induced by the non-completion of the con- 
crete castings in the excavation phase; 

e Presence of widespread cracking states to be attributed mainly to the half-section construc- 
tion methods that can isolate unstable portions of concrete; 

e Corrosion of steel reinforcement and spalling of concrete cover; 

e Cavity on the back of the lining due to the effect of extra-excavations or releases during 
construction. 


2.3 Therapy phase 


On the basis of the diagnosis formulated in the previous phase, the interventions necessary to 
restore the safety of the tunnel are planned in the therapy phase. Thanks to the extensive 
experience gained in the field, a catalog of possible interventions has been developed accord- 
ing to the nature of the defects, their extent and location, as well as the surrounding condi- 
tions. This has made it possible to considerably reduce the designing time and therefore to be 
able to promptly carry out the restoration works, limiting the closing periods of the tunnel. 


2.3.1 Development of Standard Interventions 

For each defect category, also depending on the type of coating and the nature of the mass, 
typological intervention solutions were perfected aimed at temporarily securing the tunnels in 
such a way as to ensure their practicability during the necessary period of time to develop the 
lining reconstruction project and carry out the works. For this purpose, the useful life assigned 
to the interventions in the project has been set at 3 years, possibly extendable after the results 
of specific surveillance controls and monitoring activities. 

From a regulatory point of view, the provisional safety measures are classified as local inter- 
ventions according to Italian Standard 2018, as they concern individual parts of the structure 
and do not alter the overall behavior of the tunnel. They are aimed at restoring or possibly 
improving the initial resistance characteristics of the damaged parts and preventing the forma- 
tion of local collapse mechanisms. 

In total, 48 standard interventions were developed, validated by the Politecnico di Torino 
and approved by Italian Infrastructure Ministry as a national reference standard for the safety 
of tunnels (Italian Infrastructure Ministry 2021). 

Based on the experience gained so far, it can be said that, on all the tunnels examined start- 
ing from January 2020, provisional interventions to protect superficial and deep deteriorations 
have been installed on about 16% and 19% of total concrete lining surface, respectively. 

In a nutshell, the types of intervention can be traced back to the 5 cases illustrated below. In the 
rare cases where standard interventions were not suitable, tailor-made interventions were designed. 


2.3.2 Stainless steel nets anchored by means of dowels 

For the safety of the surface deterioration of the concrete (thickness < 5 cm), stainless steel 
nets arranged on two layers are used (Figure 5a): the first layer, 1.6 mm thick, has fine mesh 
(12x12 mm) and is designed to retain small fragments, while the second layer, coupled to the 
first, has a structural function and wider mesh (50x50 mm). Both nets are anchored to the 
lining by means of dowels (Figure 5b). 
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2.3.3 Reinforcement with bolts and nets 

For the safety of deep deterioration or detachment with thickness up to 40 cm, radial bolts with 
continuous adherence are used together with a double layer of protective stainless nets. Bolts 
are usually 3 m long and their spacing is 1x1 m (Figure 6). In case of detachment of concrete, 
this is previously reconstituted by means of a layer of high resistance concrete. The bolting 
system is also used to support cracked concrete blocks in case of potential fall from above. 


2.3.4 Support interventions with metal ribs 
A system of metal ribs is used to retain possible detachment of concrete blocks with important 
and deep cracks spread over the entire vault as well as in case of reduced thickness of the con- 
crete lining caused by an incomplete casting during the construction phase. In order to speed 
up the installation of the protective system, coupled rectangular hollow sections 80x40mm, 
5 mm thick and 0.40 m spaced, are adopted, as shown in Figure 7. 

If there is also a cavity beyond the excavation perimeter, this is filled by using lightened 
material, while the entire structural thickness is restored by pumping high-strength concrete. 


Figure 5. a) Double coupling layer nets; b) Anchoring net system by dowels. 


Figure 6. a) Reinforcement with bolts and nets; b) Detail of bolt anchoring. 


2.3.5 Intervention for reinforcement corrosion protection and concrete cover reconstruction 
In case of concrete cover and reinforcement deterioration, first of all it is important to strip 
the reinforcement by removing all the concrete cover by means of hydro-milling. 

In the areas where the reinforcement is intact and superficially rusted only, the rust layer is 
eliminated by sandblasting and subsequent laying of a protective coating. On the contrary, in 
the areas where the reinforcement is damaged or corroded, it must be replaced with new bars 
of the same diameter suitably anchored. 
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Figure 7. a) Reinforcement with steel ribs; b) Detail of coupled rectangular hollow steel profiles. 


Upon completion of the intervention, the concrete cover is rebuilt with high-strength con- 
crete and electro-welded steel net (Figure 8). 


2.3.6 Drainage and laying of corrugated sheets 

In tunnels without waterproofing, where the action of water has over time established 
a significant deterioration of the concrete, especially in the areas of the joints, a radial drainage 
system is performed by means of 60 mm diameter tubes. These drainages have the primary func- 
tion of conveying groundwater from the boundary directly inside the tunnel, avoiding the contact 
with the concrete. To this aim, particular attention must be paid to use a fenestrated section, 
1.5 m long, in contact with the boundary mass and a blind section, 1.5 m long, passing into the 
lining thickness (Figure 9), ensuring the ceiling by means of chemical resins. At the completion, 
corrugated sheets are positioned to avoid waterfalling on the carriageway. 


Figure 8. Intervention for reinforcement corrosion protection and concrete cover reconstruction. 


2.4 Monitoring phase 


The new methodological approach does not end with the completion of the restoration work 
but requires that the monitoring and control activities of the possible occurrence of new prob- 
lems continue throughout the entire operating life of the work, also including the parts already 
treated. For this purpose, specific visual and instrumental checks and monitoring have been 
defined to be performed periodically to maintain the effectiveness of the interventions per- 
formed during their useful life. 

To maintain the effectiveness of the interventions and their components during the entire 
useful life of the project (3 years), visual and instrumental checks have been defined to be car- 
ried out according to specific frequencies, which, according to the new regulatory framework, 
can alleviate the frequency of inspections according to Circ. Min. N. 6736/61A1 of 1967. 
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Figure 9. a) Drainage intervention for joint area; b) Detail of fenestrated and blind section of drainage 
tube. 


Depending on the outcome of the periodic checks, the interventions can be integrated or 
replaced, if necessary. 

At the end of the 3 years, a detailed re-verification of the intervention is required, also based on 
the analysis of the monitoring data, to evaluate the possible possibility of extending its useful life. 

Before the end of the useful life, the definitive intervention of complete reconstruction of 
the coating must be provided. Given the impact of these works on road traffic, their planning 
will necessarily have to pass through a risk analysis aimed at defining the priorities (“Classes 
of Attention”) between the various tunnels at national level. This activity has been outlined in 
the guidelines of the recently issued Superior Council of Public Works. 


3 CONCLUSIONS 


The age of most of the tunnels of the Italian motorway network, which are often built without 
waterproofing to protect the coatings from the erosive action of the circulation water, has led 
to a progressive deterioration of the concrete and the onset of defects of varying severity. 

It was therefore necessary to implement an articulated methodological approach for the 
assessment of the tunnels that would allow, through specific systematic inspections of the 
vault, to recognize and catalog all the punctual defects present, to diagnose a macro-category 
of defect at the scale of the segment, associating them a severity, and to define and apply dif- 
ferent types of provisional safety measures according to the severity itself. It was thus possible 
to restore about 100 km of motorway tunnels, putting them in safety for the time necessary 
for the planning of subsequent definitive reconstruction interventions. 
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ABSTRACT: The concentration of population in big cities, traffic crisis and air pollution prob- 
lems have urged authorities to lunch heavy subway projects to resolve transportation issues and 
bring more sustainability to the built environments. Considering factors such as complexity, size 
and challenges of metro line projects along with their budgets and schedules, that put them in the 
category of heavy construction projects, the way these projects interact with a whole urban society 
during the design, construction and operation phases, and the way they change the cities, the suc- 
cess of these projects is highly dependent on applying sound project management systems and at 
the very heart of that, a strong formulation and implementation of a dynamic risk management 
methodology. This is to scan the future of a project and plan for it ahead. The increasing number 
of researchers in the field of risk management and the high demand for risk analysts and managers 
by big companies around the world nowadays are good proofs of the vital role of effective risk 
management. In this research, while introducing the ATOM (Active Threat and Opportunity 
Management) risk management methodology, a brief review is given on how the risks of the 
EPCandF contract of the middle section (7.1 km) of the 32 km Tehran metro line 6 were identified 
and ranked based on this methodology with responses to its top risks (Hashemi et al., 2021). This 
laid the foundation for a comprehensive implementation and customization of the ATOM meth- 
odology in the ongoing 10 km Tehran-Eslamshahr subway project as supported by the client. The 
ATOM comprehensive risk management methodology is an eight-step process including 1. Initiat- 
ing, 2. Identification, 3. Assessment, 4. Risk response planning, 5. Risk reports, 6. Implementation, 
7. Major and minor reviews, and 8. Post-project reviews (Hillson & Simon, 2020). 


1 INTRODUCTION 
Managing risks in subway projects is one of the key success factors of these complex projects 


which face many uncertainties in their way, amplified compared to other construction projects 
as they go underground (Flatley et al., 2014). Clients are now seeking to implement sound 
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organizational risk management methodologies and robust processes in place to achieve pro- 
ject goals with more confidence. The aim of this paper is to present a practical process known 
as ATOM, Active Threat and Opportunity Management, for a good management of project 
risks by providing a collaborative culture between all parties involved. It shows the best prac- 
tices of the authors in two major subway projects: 


1. The Middle Part of the Tehran Metro Line 6, 7.1 km NATM tunnel, 5 Stations 
2. The Tehran-Eslamshahr subway (phase 1), 9 km TBM tunnel + 1 km NATM tunnel 


While the scope of the first case study, as a research-based academic work was to Identify, 
Assess, and primarily Response Planning, in the second case study, the client demanded the 
establishment of a strong risk management system during the project life cycle. 


2 ATOM RISK MANAGEMENT METHODOLOGY 


Active Threat and Opportunity Management, ATOM, designed and introduced by Dr. David 
Hillson, known as the Risk Doctor, and Peter Simon, both with significant contribution to the 
project management world, in 2007. ATOM is developed to satisfy the need for a simple and scal- 
able risk management process and is applicable to all types of projects in any industry as 
a practical “How To ...” risk management manual. According to Charles W. Bosler Jr., CPCM, 
2007 Chairman, PMI Risk Management SIG, “It minimizes the learning process and maximizes 
the return on investment for companies and organizations striving to improve their risk manage- 
ment process,” which proved right in authors’ efforts for implementing an effective organization- 
wide risk management system in the Tehran-Eslamshahr 10 km Metro Line. The ultimate goal of 
the ATOM process is to present a simple structured method for confronting the uncertainties that 
may affect the achievement of project objectives. The ATOM risk management process includes 
the following eight steps: 


Initiation 

Risk Identification 

Risk Assessment 

Risk Response 

Planning Report 

Implementation 

Review (Major and Minor) 

Post Project Reviews (Lessons for the Future) 
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Figure 1. Steps in the ATOM Process (Hillson & Simon, 2020). 
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Like the PMBOK® Guide, 6™ ed., each step has its own Inputs, Actions, and Outputs, 
which are described comprehensively in detail (Hillson & Simon, 2020). Figure 1 shows these 
steps in a cohesive process. 


2.1 Some key benefits of the ATOM methodology 


Some of the key benefits of applying the ATOM Methodology are summarized below (Hillson 
& Simon, 2022): 


e Starts well: When a project is initiated, the project team has their first chance to consider 
threats and opportunities on their project. They need to pay special attention and apply 
extra effort for this initial look at risk. Later in the project, the team will review the risks 
identified earlier on, as well as finding new risks. The ATOM Methodology is unique in 
paying particular attention to the “First Risk Assessment” step, then having a series of 
major and minor reviews throughout the rest of the project. This ensures that the project 
team spends appropriate time on risk early on in the project, when they have the best 
chance of dealing with it effectively and efficiently. 

e Special features: The ATOM Risk Workshop is central to the methodology, and special guid- 
ance is provided on how to run a successful workshop, with clear roles, sample agendas, and 
recommended techniques. The role of “Risk Facilitator” is key to the success (or otherwise) of 
risk workshops, and the ATOM Methodology offers detailed assistance to individuals tasked 
with this vital role as well as the role of the other people engaged in the implementation pro- 
cess such as: Project Sponsor, Project Manager, Risk Champion, Risk Owner, Action Owner, 
Project Team Members, Other Stakeholders. Quantitative risk analysis is powerful but not 
always required for all projects. The ATOM Methodology provides clear guidance on when 
and how to use quantitative risk analysis, including detailed steps for building and running 
a risk model, and interpreting the outputs. 

¢ Ends well: Compared to other risk processes, the ATOM Methodology has a clear end- 
point. When the project completes, ATOM insists on a post-project risk review to identify 
risk-related “Lessons to Be Learned” for future projects. 


2.2 Comparison to existing standards 


Although there are several different standards covering the topic of risk management, there is 
good agreement between their content, with the main differences being the terminology used. 
According to its authors, those familiar with these standards should have no problem in under- 
standing or applying the ATOM process, since it is fully consistent with them all. The key dif- 
ferences between ATOM and the other standards are summarized in Figure 2, which compares 
their use of terminology, the different constituent stages of each process (mapped to ATOM 
steps labeled as A-H), and the unique aspects of each approach (Hillson & Simon, 2020). 


3 IMPLEMENTING ATOM IN HEAVY SUBWAY PROJECTS 


3.1 Implementation in the first case study; Identification, assessment, primary response planning 


The implementation journey started with an academic research in the middle part of the 
Tehran Metro Line 6 project. The Tehran metro line 6 project was awarded by the Inter- 
national Tunneling Association, ITA, as a finalist in the category of Major Project of The 
Year 2017 with a budget of +500 ME. The project was divided into three parts with three dif- 
ferent contractors. The purpose of the research was identification, assessment, and response 
planning of the risks of that project based on the literature review and interviews with the pro- 
ject experts. As a result, 94 risks were identified and assessed, out of which 14 were responded 
to as high-ranked ones. 
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Figure 2. Comparison of different standards (Hillson & Simon, 2020). 


In the next step, a questionnaire was designed based on this list and project experts from 
the client, consultant, and contractor sides were asked to rank the probability of the occur- 
rence of each risk item (P) and the severity of their impacts (I) on Cost, Time, Quality, and 
Safety objectives of the project based on a 5-point Likert scale for scoring the qualitative 
values of the probability and impact as [Very Low (VL), Low (L), Mid (M), High (H), Very 
High (VH)] with [1, 2, 3, 4, 5] scores respectively. After gathering 20 questionnaires, the Non- 
parametric Friedman test proved to be suitable for the assessment (Selvanathan, et al., 2021). 
Therefore the risks were ranked based on the Friedman scores of their (P*I) as their Risk 
Scores on each project objective. Accordingly, 14 top risks were subjected to the response 
planning by project experts. In addition, the first four steps of the ATOM process were fol- 
lowed and described (Hashemi et al., 2021). 


3.2 Implementation in the second case study; Full implementation 


The research done in the first case study laid the foundation for full implementation of 
the ATOM risk process in the Tehran-Eslamshahr subway phase | project, with strong 
support and demand from the client for establishing a sound risk management system. 
Having the experience of creating the risk register of the first project and its ranking, several 
risk workshops according to the ATOM process were held between the project parties to 
select, modify, and identify risks of the Tehran-Eslamshar Metro project. For each risk, the 
risk committee members were asked to mention the root cause and the consequences of each 
risk item to create the initial risk register that could provide a deeper understanding of the 
identified risks and build a common risk language to ensure everybody is on the same page. 
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The risk register then went through more technical workshops to be considered as an adjusted 
and suitable risk register for the “First Risk Assessment” round as shown in Figure 1. 
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Figure 3. The full atom process (Hillson & Simon, 2020). 


Based on the initial agreed upon risk register, again a questionnaire was designed to address 
the probability of the occurrence of each risk item and the impact of the occurrence of each 
risk item on the four main Cost, Time, Quality, and Safety objectives of the project. Then the 
project experts were asked to rank the probability (P) and impact (I) of each risk item on 
a 5-point Likert Scale, [0.2, 0.4, 0.5, 0.7, 0.9] for [VL, L, M, H, VH] scores, according to the 
agreed-upon thresholds defined for each of the four mentioned objectives of the project. The 
Likert scores are just used for the relative ranking of a “Likert Scale” such as the group of 
“Risk Items” here. This is done by, for example, assigning a set of ascending numbers to the 
qualitative data of “VL” to “VH,” while enabling to sense their multiplication (P*I) in 
a numerical representation. The ranking results are irrespective of the values of the set of 
assigned numbers. 

The “Risk Score” defined as the (P*I), was calculated for all risk items on all four object- 
ives of the project. Due to the number of questionnaires (9), the committee agreed to calcu- 
late the final Risk Scores of each risk Item as the average of the scores of the experts, which 
seemed rational at the final ranking review. However, the final average risk scores of Ini- 
tially Identified Risks are multiplied by 100 for a better sense and visibility regarding the 
decimals. 

Then, as shown in Figure 3, the roadmap for implementing the ATOM risk process 
was followed by regular risk meetings to monitor risk response execution, the effective- 
ness of the actions taken, identifying new and secondary risks, and creating and com- 
municating reports, best practices, and related lessons learned from all over the world. 
However, the Quantitative Risk Analysis, QRA, is not considered in the scope of these 
case studies. 

Presenting the risk scores on each objective, Figures 4 and 5, makes it dynamically 
capable of being ranked in the respected objectives (Cost, Time, Quality, and Safety) 
to show the top risks in each area. This way, special teams of the project, e.g. HSE or 
QA/QC can better plan their responses and modify or optimize their management 
plans and actions accordingly while everyone holds the big picture of the risks’ effects 
on other objectives and the project as a whole, creating a culture of shared responsibil- 
ity and collaboration. 
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[Risk Scores (P*1)]*100 
Cost Time Quality Safety Total 


5 


Row Risk Item 


Sudden and unpredictable increase in the price of materials (Cement, 
reinforcement, etc.) 


The continuation of not running the project in two shifts 
Outbreak of disease in the project 

Delay in supplying spare parts 

Dealing with unknown underground holes or structures 

Increase in the price of wages due to inflation 

Dealing with active or inactive water canals (Aqueducts) 

Delay of project parties in timely fulfillment of their commitments 
Entering the safe borders of or dealing with gas pipelines 
Impossibility of timely supply of required TBM equipment 


O oo ee 


Ss 


u Failure to pay personnel salaries on time 2107 ES f 


Failure or error of the TBM management program (Tax) (software/hardware Pype 
12 3233 
problem) 2b oe ee ae 
13 Creation of cracks and breaks in the segments 29.33 21.67 ` 30.22 30.11 
Poor stakeholders collaboration (Eslamshahr & Chahardangeh munisipalities) € 
te for the timely delivery of the work front of Chahardangeh station, ot ae as ii 3A yee 
15 Delay in contractor's invoice payments 28.56 EEIE 27.56 22.56 27.44 
16 Landslide in the exit shaft of the Namaz Sq. due to the inappropriate soil bed 27.67 27.67 23.67 28.56 26.89 
17 Interference of designs of tunnel, station and the new road in the Namaz Sq. 24.56 33 25.11 23:22 26,56 
18 Dealing with underground water and sewage facilities in the Namaz Sq. 26,22 26.44 23.56 29.44 2642 
19 Land subsidence and tunnel collapse 23.22 24.00 28.22 29.78 26.31 
20 ane tors to workers due to the use of micro silica powder with pathogenic = 1856 2522 28.56. ee E %2 
Failure to provide or appropriate allocation of funds to the project to continue be ry me 3 Tay 
21 operations due to the change of the members of the city council and the (3256 33.00. 20,67 n 26,03 
administration of the municipality A 
2 Unauthorized ground settlement and huge entrance of water into the tunnel 24.33 26.00 29.22 2.44 25.50 


route while passing under the Kan River 
Delay in obtaining answers to correspondence with external bodies and 
Sanin rakni io be projed 24.11 25.78 25.00 25.11 25.00 


23 
24 Shortage of ste! material (3m ye A TAN) 24.87 


The possibility of sectional collapses in the tunnel due to heterogeneous 22.89 2.00 27.00 nn 24.78 


geological conditions 
26 Delay in communicating the final plan and profile of the tunnel route 22.89 24.89 30.56 20.22 24.64 
27. eneral sbsidence of dhe area [due 1o Me decine i underground water iere) 2088 BLAH za a 
28 Dealing with urban facilities and opponents 24.56 24.67 23.78 23.44 24.11 
29 Settlement of ground level and buildings along the tunnel route 23.56 23.11 23.44 24.89 23.75 
30 Dealing with soils with liquefaction properties 23.11 23.11 22.56 26.11 23.72 
31 Ambiguity in HSE instructions 21.67 22.56 27.00 23.00 23.56 
32 Fire and explosion in diesel fuel tanks and tunnel 20.11 20,00 19.56. IRRI 23.25 
3 ea eet. into streams aad undesgromnd waters BES a 25000) 2300 
34 Vulnerability to natural disasters such as floods, earthquakes, etc. 23,00 21.89 25.11 21.67 22.92 


35 Main project parties' failure to properly understand the demands of each other 20.33 24.78 24.89 20.33 22.58 
36 Failure to use appropriate personal safety equipment in the tunnel Tio sa 26.00 33 n 22,28 


37 Segments falling from the segment transporters 19.11 26.89 26.89 22.06 
38 The fall of the material lifter or its bucket 19.56 T 20.78 29.44 21.89 
39 clogging due to soil adhesion 21,00 19.11 23.89 23.44 21.86 
40 The possibility of workers being hit by machineries Ein n2 2144: i 31.56 21.75 


Figure 4. Initial risks’ scores, Tehran-Eslamshar subway project (Phase 1). 
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[Risk Scores (P*1)]*100 
Cost Time Quality Safety Total 


Row Risk Item 


Cross-sectional collapse in the tunnel due to insufficient knowledge of 
geological conditions 

42 Reclaiming the Shatre suuporting shafts land by the relevant owner 

43 Dealing with highly corrosive waters and soils 

44 Dealing with highly abrasive soils 

Inefficiency of the maintenance and repair system and inappropriate TBM. 
support 

46 Weakness of the contractor's HSE team 

47 Occurrence of major mechanical problems for the TBM machine 


The possibility of people working in the mechanized tunnel colliding with the 
locomotive 


49 The possibility of encountering toxic and flammable gases 
Failure to properly comply with the technical specifications of HSE instructions 


mi and the occurrence of accidents 

sı The impossibility of material procurement (due to air pollution and closure of 
mines)" 

52 Unauthorized settlement of the ground while passing under the Aprin railway 


bridge 
53 Electrocution due to the use of electric wires 
54 Huge inflow of water into the tunnel and the possibility of drowning the TBM 
Deviation of the tunnel (TBM) from the designed route of the project due to 
errors in design or mapping 
56 Distance and step in rings and segments 
57 Hydrological conditions different from those predicted in the design 
58 Overturning of the TBM and causing injury to the workers 
59 Insufficient injection of empty space behind the tail shield 
Possibility of future problems in performing the conceret pavement of the 


bád tunnel due to the lack of accurate and complete as-built plans 

él Stoppage of the project by other organizations (municipalities of other regions, 
environment protection org., traffic police, ete.) 

62 Entering faulty segments into the installation process and using them in the 


construction process 


63 Incompatibility of TBM with the ground 


Figure 5. Initial risks’ scores, Tehran-Eslamshar subway project (Phase 1), continued. 


The rational of the color-coding of the above risk ranking, which is used to give a better 
visual sense in an Excel spreadsheet, is given in the Figure 6. 


Format all cells based on their values: 
Format Style: 3-Color Scale ~ 
Minimum Midpoint Maximum 


Type: Lowest Value Percentile ~ Highest Value 


Ns 
Yalue: | (Lowest value) Æ 50 EM (Highest value} 


Color. MMM SS 


Figure 6. Color-coding rational of the initially identified risks. 
4 CONCLUSION 


Implementing a sound risk management system is one of the key success factors of heavy subway 
projects. In moving from the first case study to the second, by designing and customizing a strong 
risk management methodology based on the ATOM methodology and creating a culture of collab- 
oration and dynamic risk management with meaningful stakeholders engagement following the 
ATOM steps, many of the issues of the project were identified and planned for ahead to mitigate 
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their probability and/or impact. This provided a context of awareness for a much better collective 
problem solving in a real project environment, where the rubber meets the road, by practicing and 
documenting a methodology, which is simple, structured, and adjustable for other similar projects. 

To encourage professionals and peers to benefit from the ATOM methodology implementa- 
tion and start a structured risk management adventure in their projects, the practical steps are 
listed based on the authors’ experience: 


1. Form a risk committee including experts from the client, contractor, and consultant sides. 

2. Assign a Risk Champion, preferably a certified Project Management Professional (PMP). 

3. Plan for a series of Risk Workshops that include presentations on risk management principles, 
ATOM processes, risk management practices in similar projects, lessons learned, and success 
and failure stories gathered from professional websites, journals, and also literature reviews. 

4. Create the initial risk register by benchmarking from risk lists such as the one presented 
here or other works of literature and add the risk committee members’ or other experts’ 
insights as needed, to develop and adjust the list form considering the conditions of your 
project. Also, have columns for a brief explanation of the causes and consequences of each 
risk item in the list. This provides a common understanding among the team and may lead 
to the elimination or combination of some risks or introduction of the new ones. 

5. Use a five or three-point Likert scale from “VL” to “VH” and assign numbers to them, 
e.g. [1, 2, 3, 4, 5] to [VL, L, M, H, VH]. 

6. Define and agree on what the above range of “VL” to “VH” means for scoring Probability 
(P) and Impacts (I) of risk items on project objectives such as Cost, Time, Quality, and 
Safety. This is the calibration of thresholds. 

7. Design the risk questionnaire and distribute it between the selected project experts for 
scoring “P” and “Ts. Calculate the Risk Scores (P*I) of each risk item on each project 
objective. Consult a statistics expert on how to consolidate and calculate final scores based 
on the number and data quality of the questionnaires. 

8. Plan responses with the team and/or external experts (as required) for the initially ranked 
risks and “The First Assessment” step is done. 

9. Go through the rest of the ATOM processes as shown in Figure 3. Plan for Major and 
Minor Review Meetings, Implement Responses, Update Risk Register and watch for sec- 
ondary, residual, and new risks, and prepare and distribute Risk Reports. Perform Quan- 
titative Risk Analysis (QRA) if it is needed. 

10. At the end, perform Post Project Review and document Lessons to Be Learned for future 
projects, process improvements, and raising the risk management maturity level of the 
involved organizations. 
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ABSTRACT: This paper is in two parts. In the first part, it explores the role of the Finan- 
ciers’ Certifier (FC) in transportation tunnelling projects and explains some of the key risks 
and issues that may be encountered during the construction of urban transportation tunnel- 
ling projects from the perspective of the FC. It explains the key duties when acting as the 
financiers’ eyes and the ears for technical aspects of such projects. The risks are discussed as to 
how the financiers perceive the risks and how they may be exposed if the risk eventuates. The 
paper explains the differences in the role from that of the Independent Certifier or Independ- 
ent Verifier, and the interfaces between the borrower’s (Owner’s) obligations to the financier 
and to the contractor(s). 

In the second part it again focuses on the perspective of an advisor to financiers and add- 
itionally covers the technical and risk management considerations in the planning, design, and 
construction of tunnels for remote hydropower projects. Many of the key risks and issues are 
similar for urban transportation tunnels and remote large scale hydropower tunnels, however 
the scale of these risks can differ and there are several very different and rather unique condi- 
tions in the remote hydropower project that financiers need to be aware of. 


1 PART 1: INTRODUCING THE FINANCIERS’ CERTIFIER/ ADVISOR 


1.1 Introduction 


The Financiers’ Certifier’s (FC) services and scope are always tailored to the financiers’ needs 
for the particular project and to the financiers’ perceived key areas for concern, but with 
a largely common underlying terms of reference for most FC roles. Two commonly required 
services are the submission of a signed monthly progress certificate and the assessment at any 
given date of the project’s ‘cost to complete’ test. 

The term Financiers’ Certifier is sometimes interchanged with Payment Certifier in major 
transportation projects in Australia. In hydropower projects often a wider scope is applied to 
the technical role representing the lenders and the term lenders technical advisor (LTA) is nor- 
mally adopted — but can also be termed the Independent Engineer, Bankers’ Engineer, Lend- 
ers’ Independent Consultant or Independent Certifier. The entity is selected jointly by the 
lenders and the project developer (the borrower of the loan from the financiers) but is usually 
contractually appointed and its services paid by the developer, though sometimes as a deed 
between the lender, borrower and the consultant. In most cases for hydropower projects the 
LTA services also include environmental and social monitoring, which is not always obvious 
from the term ‘technical’ in the role title. 

The roles on behalf of the lenders differ from the role from that of the Independent Verifier, 
which would carry more duties at a technical review level for design and construction supervi- 
sion and would be appointed solely by the owner. 
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1.2 The FC role 


The lenders and owner will have similar objectives for the project — they both want 
a successful project delivered safely on time and to budget. This is not surprising if we consider 
that the lenders are effectively the ‘majority owner’ throughout the tenure of the loan which is 
often between 10 and 15 years after the completion of the project. 

Flexibility is a key attribute for the successful FC/LTA, including from the perspective of 
having the depth of in-house expertise to cope with issues that arise during any of the four key 
phases of services (due diligence; pre-financial close or ‘bankable’ stage; construction monitor- 
ing; and operations), to its nimbleness in responding to a wide range of technical and contrac- 
tual issues. Such examples are: 


— understanding and coping with the lenders’ commercial administrative processes. 

— ideally has the ability to provide a one-stop-shop covering commercial, environmental, 
social and engineering disciplines required in the FC/LTA role, 

— a recognition that the LTA’s role, while important and necessary, is no more so than the 
owner’s permanent site team and that any reviews of design or construction practice by the 
FC/LTA should be within the timescale for others so as not to cause a delay in the approv- 
als process, 

— a recognition that the FC/LTA should not impose its own opinions if they differ from the 
owner’s team unless there is a material issue with the owner’s approach, 

— in summary, undertake a materiality test for any issues — does it really impact the lenders in 
a material way? If not, the FC/LTA should not be bringing such issues to the financiers. 


The selection also considers: 


— having credibility in the international arena for project financing, 

— ability to deal effectively with potential disputes, 

— presenting highly technical issues in a language suited to the non-technical reader, 
strong technical track record. 


The lender that engages the LTA is looking for advice on contractual, engineering, environ- 
mental and social matters. With the lenders’ reputation at risk if a project fails to follow good 
practice, the importance of independent monitoring and reporting throughout the construc- 
tion and operations periods is clear. 


1.3 The FC’s core services 


The core services of the FC are typically listed as: 


review the monthly reports prepared by the following parties: 
o borrower (owner), 
o contractor(s) and 
o other party such as the Independent Certifier, 


— attendance at monthly meetings and tours of the project site, 
verify that a Cost to Complete Test is satisfied on a monthly basis, 
provide co-signature to one half of a Progress Certificate each month. 


1.3.1 Attend meetings and monthly site visits to the project 
It is very important for the FC to gain first-hand and current knowledge of the progress and 
monthly site tours enable this. Coupled with reviews of reports and meetings with senior rep- 
resentatives of all parties, the tour enables the FC to form an opinion each month of the risk 
to the financiers and the general project health across contractual, commercial, programme 
and technical aspects. 

Progress is closely monitored from a holistic perspective, advising lenders of trends or signs 
of programme distress that may be seen over the long-term course of monthly site visits. 
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1.3.2 Cost to complete test 
The FC is required to confirm that the Cost to Complete Test is satisfied each month as at the 
date of the progress certificate. 

In simplified terms the test compares the committed funding from all sources against the 
committed costs yet to be expended, including approved variation amounts for additional or 
changed work which evolved since the contract was signed. A fixed date each month will be 
the trigger date for calculation of the snapshot financial position. That date triggers the 
monthly payment claim cycle starting with the contractor’s payment claim and a series of 
milestone events for the cost to complete test and the declaration of the test as at the date of 
the progress certificate. 


1.3.3 Progress certificates 
A monthly progress certificate is necessary for the financing parties to permit a withdrawal 
from the loan. It is usually in two parts; Part A signed by the borrower, affirming that various 
aspects are satisfied, and Part B signed by the FC affirming a similar list of statements. 

Key paragraphs normally contained in a progress certificate pertain to the following topics 
(terms will change but wording herein adopted from a large transportation tunnel in 
Australia): 


— Confirm the reasonable expectation that the Date of Opening Completion will occur before 
the Financiers Sunset Date (depending on the scale of the project, typically 12 to 18 
months after the scheduled opening date to give a reasonable buffer); 

— Confirm that the payments made to the Contractor to date under the (D&C or EPC Con- 
tract) do not exceed the aggregate of the Project Contract Sum and the cost of any permit- 
ted variations which have been agreed to date under the terms of the Contract and that 
aggregate amount will not be exceeded if the proposed withdrawal occurs; 

— Confirm that the payments made to the Contractor to date under the Contract do not 
exceed the forecast cumulative amount for the relevant month as set out in the Payment 
Schedule of the Contract and will not be exceeded if the proposed withdrawal occurs; 

— Confirm that the payments made to the Contractor to date in respect of the cost of any 
permitted variation are as agreed with the Contractor under the terms of the Contract; 

— Confirm that all payment claims under the Contract that were the subject of the previous 
Progress Certificate (if any) have been paid in accordance with the relevant Progress Certifi- 
cate and the Contract; 

— Confirm that there are no amounts in excess of $’x’ owing to or owed by the Owner which 
are the subject of a dispute under the Contract (value ‘x’ varies depending on the scale of 
the Contract, but the author has seen in the wide range of $50,000 to $5,000,000); 

— Confirm that the FC has reviewed the most recent construction report provided by the 
Owner and confirm that the FC is not aware of any material inaccuracies therein; 

— Confirm that the FC is not aware of any material inaccuracies in Part A of the progress 
certificate. 


2 THE LENDERS’ PERSPECTIVE OF UNDERGROUND RISK - DELAYS 


In Project Financing, considerable attention is paid to risk and there are several unique fea- 
tures and risks associated with tunnelling projects that financiers need to be aware of. Lenders 
will examine the project in detail to assure themselves that the project will function as planned 
and produce the revenues needed to meet operating expenses and service the debt. In the case 
of tunnels which earn their position as part of a revenue generating project, this may relate to 
toll revenues for a road tunnel or a hydropower tunnel delivering water to a generating 
turbine. 

The roles of the FC and of the LTA have many common aspects, with the main overlapping 
task being in the financial monitoring of the project such as the earlier described cost to com- 
plete test checks and the general project health status. The FC is normally appointed only for 


3447 


the duration of the construction and commissioning period, not for earlier (pre-financial 
close) or later (operational) phases. The LTA roles normally have a broader scope including 
a much more detailed role in monitoring designs and construction. Furthermore, the LTA is 
usually engaged in the pre-financial close stage to undertake a due diligence assessment of the 
project and then continues long after the opening or completion date to monitor the technical 
and commercial performance of the project for the tenure of the loan. 

A key focus of the LTA is to identify risks that might influence the viability of the project 
or affect the borrower’s cash flow from the operational revenue and to offer strategic advice 
on how to avoid or mitigate those risks. The lenders expect their technical advisors to point 
out whether the technology adopted is appropriate and what are the potential items of con- 
cern (for instance, the selection of tunnelling methods when faced with a choice between 
a tunnel boring machine or a drill-and-blast technique). The LTA needs to bring its experience 
for such technical matters however the detailed assessment is a task for the owner’s and con- 
tractor’s teams, and since the LTA is positioned contractually between the lenders and the 
borrower (owner), the normal practice is to request opinions and assessments from the 
owner’s team, whether that is the in-house engineering team or via the owner’s engineer. 

Delays in completion can be serious events, and any major delay period will likely exceed 
the cap on the liquidated damages for delay applied against the contractor, as beyond those 
periods (typically the monetary value of caps is reached after 6 — 9 months), the developer 
tends to bear most consequential risks. From general precedents of hydropower tunnels con- 
struction in remote locations the lenders may be advised of three broad categories of reason- 
able expectations of delays: 


— 3+months for a realistic potential delay (one could say this is probable) 

— 6+ months for the possible delay of an unforeseen event with major consequences 

— 12 — 18 months or more for major unforeseen conditions resulting in an extreme delay 
(these durations of delay are significant and would likely trigger a default for failing to 
meet completion by a sunset date and may trigger some form of loan restructure). 


Such delays in tunnelling are more likely to occur during construction with the consequence 
of a delayed commercial operation date (COD). However, there are examples of hydropower 
headrace tunnel collapses in the operational phase soon after COD which led to very serious 
outages in the operational phase. 

Unlike transportation tunnels where imposed loads on the lining are applied almost imme- 
diately once the lining is installed and hardly change once the traffic or trains start using the 
tunnel, in hydropower tunnels the internal and external water pressures are the dominant 
loads. These dominant loads are not applied until watering up of the system is performed 
(including testing for sudden generation ‘trips’ which impose high transient pressures on the 
lining), which can be several years after first excavated, and therefore this is the first real test 
on the tunnel lining. The situation can be more severe and uncertain in unlined tunnels; 
observed stable ground during construction may disguise the softening or other change in 
characteristic of the rock once wetted, and particularly after a period of operation when the 
tunnel is subsequently dewatered and then subjected to a high net external groundwater 
pressure. 

If the LTA is engaged in time, before contracts are locked, the LTA should carefully scru- 
tinise any list of pre-selected subcontractors and sub-consultants. Safeguards need to be in 
place to ensure that the owner’s team has sufficient staffing levels and that the facility agree- 
ment (the loan documents) have rights for lenders to insist on strengthening teams once con- 
struction has commenced if the LTA has concerns about levels of expert supervision. The 
LTA needs to review the owner’s engineer contract scope and ask itself whether the LTA con- 
sultant’s firm could perform the OE role for the scope and budget assigned. If concerns are 
raised on this test, this needs attention before construction starts otherwise the LTA will for- 
ever have concerns about the level of contractor oversight; even in an EPC arrangement, for 
which the spirit of an EPC is to have less oversight — but for the reasons described above this 
can be flawed. 
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When structuring the conditions of the loan and the payback model, the LTA may recom- 
mend that the model takes account of the likelihood for delays resulting in consequential 
delays to the Project’s ability to generate revenue and for the borrower to begin to repay the 
loan. 


3 PART 2: RISK MANAGEMENT OF UNDERGROUND WORKS FOR PUMPED 
HYDRO AND HYDROPOWER 


3.1 Overview 


The LTA has a core role associated with risk management for the underground works, 
whether at the early due diligence phase, throughout the construction phase, or into the oper- 
ational phase. From an investor’s point of view the definition of risk would include the possi- 
bility of not achieving the expected financial return, whereas from the lenders’ perspective, the 
definition is the probability of a cashflow outcome different from the one projected. 

The contractual arrangement is important and will identify where the risk apportionment 
lies between the owner and contractor(s). A contracts review will be undertaken, and the LTA 
will liaise with the lenders’ legal advisors in the due diligence phase when several advisors will 
be undertaking separate due diligence assessments — such as technical, legal and insurances. 

As covered in the working paper (Plummer 2022a), key findings from the analysis which 
focused on large hydropower projects in low- and lower-middle income countries suggested 
that many of the greatest risks associated with large hydropower projects are those that may 
cause reputational damage to the parties involved, such as social and environmental risks. 


3.2 Contracts review 


The LTA will review the technical aspects of the construction contracts, often in parallel to 
a legal review undertaken by the lenders’ legal advisors (LLA) and an insurance review by the 
lenders’ insurance advisors (LIA). A key topic is that of liquidated damages that may be 
imposed upon the owner (the signatory to the power purchase agreement (PPA)) if the hydro- 
power scheme fails to meet agreed levels of output performance, and the assessment of 
whether the contract provisions have adequate pass-through down to the contractor, in the 
case of an EPC agreement, of those aspects that are relevant to the EPC’s supplied equipment. 

For hydropower projects a significant proportion of the risks is in the tunnelling and under- 
ground works (McWilliams, 2014) (Plummer, 2022a and Plummer, 2022b), mainly due to uncer- 
tain ground conditions associated with the fact that it is significantly more costly, difficult and 
time consuming to obtain the same level of geotechnical exploration for deep and remote hydro- 
power tunnels than would normally be obtained for shallow depth urban transportation tunnels 
(Noble, 2023). In urban transportation tunnelling projects, the risks categories are similar to 
those at remote hydropower projects, but the scale of those risks can differ widely. The frequency 
of drilled subsurface geotechnical investigations is an order of magnitude larger in the urban shal- 
low tunnel project where typical depths below ground are less than 50m, whereas in large scale 
and remote hydropower it may be several hundred metres, on average. The spacing of drilled 
holes is therefore significantly further apart in the remote setting (Noble, 2023). Contractually 
this aspect needs to be made clear as to which party takes the risk of changed ground conditions 
from the conditions known at contract signing, and the lenders are very keen to understand how 
the downside scenario risk profile would affect the borrower of their loan (Noble, 2018). 

The LTA will advise on a suitable ‘stress test’ to be applied to the project financial model 
based upon scenarios, such as, if the project commissioning date is delayed or if there are 
major cost overruns. As a rule of thumb, at least six months schedule overrun is recommended 
to be applied as a stress test for any project, or more in complex projects with known geo- 
logical risks with a low amount of geotechnical investigation. This is to assess the impact on 
the borrower’s financial situation if commissioning is delayed, when a whole set of additional 
costs would be directed at the borrower: 
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— prolongation costs of owner’s site team, 

— lost earning opportunity from delayed commissioning, 

— additional financing costs, 

— additional advisor’s costs, and 

— possible liquidated damages (LDs) for late completion imposed through the PPA. 


While some of these may be recoverable from the contractor if it is the contractor’s fault, 
any money for prolongation will usually have to be initially met by the borrower to finish the 
project until the contractual issues are resolved. In this regard, the LTA is truly part of the 
collective lenders’ team whereby the lenders will assess the financial aspects, the LLA the legal 
aspects, the LIA the insurance aspects and the LTA feeding into each of these where technical 
or E&S aspects relate. 


3.3 Evolution of the risk profile 


A hydropower project’s overall risk profile will change over time, usually following a curve 
that rises steeply during construction with the aggregated peak of all commercial risks culmin- 
ating near the end of construction and the start of commissioning. At this point, virtually all 
monies have been loaned, teething problems may be present (the first watering-up of a high- 
pressure tunnel or reservoir impounding of a large dam can be a nervous time for all partici- 
pants) and the developer’s cash flow is likely to be at its worst position since the project 
began, especially if the project was delivered late despite the causes or blame for the lateness. 

Liquidated damages provisions in the construction contract provide only limited mitigation 
against completion risk or risk of plant performance below guarantee values, since the cap 
may only be ten to fifteen percent of contract value — normally adequate incentive for the con- 
tractor to perform, but inadequate to save the project commercially if serious issues arise. To 
seek a full pass through of liquidated damages would be a minimum mitigation strategy to at 
least ensure sound performance warranties and contractual terms, and that all parties to the 
contract(s) can deliver on their respective obligations. 

The risk profile will evolve over time, though the risk perception would be different for vari- 
ous stakeholders and so the LTA needs to assess in respect of how the various risks may affect 
the lenders. In Table 1 a typical evolution of lenders’ risk exposure is presented showing how 
the risks for various aspects vary over the four main stages of lenders’ involvement. 


Table 1. Evolution of lenders’ perceived risks exposure for hydropower. 


Phase: 
Due diligence/ 
pre-financial close Construction Commissioning Operation 


Commercial (PPA, EPC Contracts) L 
Approvals/ Challenges 
Reputation 

Environment & Social 
Technical 

Time Delays and Cost Overruns 


Ge 
mei 2 oo 
ZZZTZT 
tree 


M 
L 
L 
M 


L=low 
M = medium 
H = high 


3.4 Risk profile prior to financial close 


There are varying levels of engineering design undertaken prior to the stage at which project 
developers seek funding commitments. Most lenders have strict requirements to achieve credit 
approval which is a condition precedent for loan signing and if the developer has not understood 
those from an early stage, i.e. during the feasibility study stage, there is a likelihood of delays in 
reaching credit approval until any gaps in information are filled to the satisfaction of the lenders. 
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A common approach for hydropower design development is the preparation of a Reference 
Design which can then be used either for competitive fixed price tendering or for an early contrac- 
tor involvement (ECI) phase prior to awarding a construction contract. Whichever path is 
adopted the lenders will look for assurances that the project features are sufficiently developed to 
be compatible with the contractual mechanism in the construction contract and will look for risk 
mitigations for cost and time risk such that the borrower is not over exposed. In the case of the 
tunnelling elements of a project this may have a separate contractual mechanism linked to a risk 
sharing concept, but if this is done the lenders would still want to know the potential downside 
scenarios for its borrower. The risk sharing mechanism for tunnelling elements of hydropower is 
not widespread but is becoming more common with mature contractual models now developed 
to specifically deal with risk sharing apportionment, for instance the FIDIC Emerald Book. 

In low- and lower-middle income countries the balance of the overall risk profile as per- 
ceived by financiers is skewed towards environmental and social aspects when compared to 
higher income countries (Plummer, 2022a and Plummer, 2022b). Whereas in the higher- 
income countries these aspects remain important, the issues of land acquisition and resettle- 
ment of villages tend to not dominate. 

A lender’s recourse on the debt is limited to assets and revenue; consequently, the asset needs 
to be operational to earn any revenue. Clearly, a project that produces revenue has better 
chances of repaying the loan than one forced into a foreclosure sale. This is one area where the 
LTA performs a key role, in sifting through what’s important and identifying what might be 
missing from contract packages but which the lenders will need to know. Among the key issues 
that lenders need know to obtain credit approval, the following items tend to dominate: 


— Price certainty of the overall development 
— Will the project be fully compliant with the stipulated levels of environmental and social 
framework? — such as IFC Performance Standards, or World Bank Guidelines and Safe- 
guards, or local regulations. In other words, will it pass a ‘good practice’ test as well as 
whatever specific guideline is stipulated? 
— Contractual arrangements: 
o Engineer-Procure-Construct (EPC) or split contracts? 
o Credentials of main contractors and equipment suppliers — have they recent and rele- 
vant experience? 
o Implications of performance guarantees not being met 


— Accurate timelines for all steps — pre-financial closure; construction; commissioning 

— Operation and Maintenance (O&M) Agreements — 
o In-house or through a long-term services agreement? 
o Credentials of operator organisation — have they recent and relevant experience? 
o Implications of performance guarantees not being met. 


— Grid interconnection 

— Local infrastructure (roads, quarries, spoil disposal areas, etc) 

— Appropriateness of Owner’s organisation, competence of its personnel, strength and pres- 
ence of the Owner’s Engineer and operational readiness of the completed facility. 


3.5 Tunnelling uncertainties 
Several key issues must be addressed at the outset of a feasibility study or reference design: 


— How many boreholes are sufficient? 
— What alignment shall we drill, knowing that alignments may change? 
— What can we defer to a later stage and leave to the EPC contractor and is this wise? 


These questions arise in most projects, and it requires experience of what is important to 
make those decisions, but there must be a minimum level of investigation that needs to be 
done prior to construction tendering, and prior to obtaining credit approval from the lenders. 
It is recommended that a two-stage feasibility study is arranged which allows investigations to 
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be tailored towards the preferred options, but there is no avoiding having to start some ‘at 
risk’ funding with speculative investigations on which to base initial designs (Plummer, 
2022a). This is a risk the developer needs to take. A key message from this is that the devel- 
oper will end up paying to deal with the geotechnical conditions but will ultimately likely pay 
less overall if more is spent upfront simply because a civil contractor will add a price for the 
risk element which outweighs the cost of investigations. 


4 CONCLUSIONS 


The risk profile on the underground works from the lenders’ perspective does change 
over the life of a hydropower project, from due diligence (pre-financial close) stage, 
through construction financing and the operation financing, but it does not diminish 
altogether. Most attention is paid at the pre-financial close phase as this is when the 
lenders’ influence, through the LTA, LLA and other advisors, can impose further risk 
mitigations if considered necessary. 

The LTA role may take a variety of pathways depending on the issues arising on each project. 
Although the role having technical within the title, in the author’s experience, the major issues 
have not been of a pure technical engineering nature, but related to deficiencies in owner’s staff- 
ing levels, contractor resourcing, scheduling delays or environmental and social aspects. It is 
rare these days to encounter major design issues, as one key objective for the LTA is to try to 
ensure that the borrower’s team does have a strong design capability, although naturally there 
are numerous instances of design options that the LTA becomes involved in. 

The FC/LTA fulfils a valued role for the lenders in identifying and making recommendations 
to mitigate the risks to the lenders, across a range of topics. The LTA has a wide remit in operat- 
ing essentially as the eyes and ears for the lenders but spends the majority of its effort in the initial 
stages in ensuring that the total contractual package is appropriately apportioned for risk. 

In urban transportation tunnelling projects, the risks categories are similar to those at 
remote hydropower projects, but the scale of those risks can differ widely. The frequency of 
drilled subsurface geotechnical investigations is an order of magnitude larger in the urban 
shallow tunnel project where typical depths below ground are less than 50m, whereas in large 
scale and remote hydropower it may be several hundred metres on average. The spacing of 
drilled holes is therefore significantly further apart in the remote setting. 
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Fair risk allocation in tunneling: A game modelling approach 


L. Rosas Sanchez 
SMEC, Australia 


ABSTRACT: Tunneling involves risks that are unique. In order to manage risks, the tun- 
neling industry has supported risk sharing approach. However, some private owners may 
prefer a single-point allocation of all risks to the contractor, particularly for encountered 
ground conditions. This attitude represents an adverse trend back way of thinking which 
induces adversarial relationships within the tunneling industry. In consequence, these 
owners need to be educated with the potential benefits of the ‘risk sharing approach’. In this 
paper, Game Modeling is used as an analysis tool of risk allocation in a tunnel construction 
contract. Game Theory is a branch of applied mathematics devoted to the logic of decision 
making in social interactions. The unfair allocation of risk is still affecting the reputation of 
the tunneling industry. These owners need to be educated with the potential benefits of the 
risk sharing approach. Game modeling can be used as an effective tool for this education 
campaign. 


1 INTRODUCTION 


Not long ago, tunneling was a traditional craft-based operation (Wood, 2000). With the devel- 
opment of new concepts and innovative construction technologies, tunneling became a high 
technology-based art. After these intensive technological developments, it can be stated that 
good tunneling practice is to adapt support elements and construction techniques to the 
expected ground conditions. However, this is the problem! Tunneling normally deals with 
unpredictable ground conditions: knowledge of geological underground conditions is invari- 
able based on a limited sampling of the total geologic mass at the project site. Moreover, con- 
struction costs can only be expressed with margins of uncertainty which are highly dependent 
on the specific project. 

Consequently, tunneling carries the possibility of finding different site conditions. 
Only during construction, anticipated and encountered site conditions may behave dif- 
ferently due to the construction techniques selected by contractors. Unfortunately, the 
inherent risk in tunneling cannot be realistically eliminated. In contrast, ground behav- 
ior as a hazard needs to be understood and, so far as possible, minimized and 
controlled. 

The scope of this document is to illustrate how to model social interactions in a ‘game 
model’ in order to address the soft issues (required by the challenges of today’s infrastructure 
and underground construction) that can be improved in tunneling practice: (1) education of 
the key players; (2) effective understanding; and (3) a win-win approach for the tunneling 
industry. 

Expressing strategic interactions in game models is a way to reveal how fallible human 
decision makers behave in complex situations and may help to formulate principles in 
order to guide appropriate actions and to avoid adversarial relationships in tunneling 
practice. 
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2 CURRENT TUNNELING PRACTICE 


2.1 Tunneling a risky game 
Underground construction involves risks that simply do not exist on surface (Brierley, 1998): 


e The ground cannot fully be anticipated. The subsurface investigation represents just 
a ‘forecast’ of the underground conditions; 

¢ The ground can be changed during construction. The ground can be changed, for better or 
for worse, as a result of the contractor’s selected construction methods utilized during con- 
struction. Hence, competent ground can be damaged by careless or inappropriate construc- 
tion operations, or unstable ground might be improved by dewatering or grouting; and 

e Role of construction means and methods. Inappropriate construction methods can result 
in highly adverse ground behaviors that can damage a site, cause injuries to third parties, 
or result in differing site conditions claims. 


2.2 Sources of uncertaintylrisks 


In tunneling, it is important to have in mind that geological features may not represent any 
particular hazard. However, the association between several geological features may become 
a hazard or concern. Moreover, a hazard may become a great risk considering a specific and 
particular construction method. 

The main sources of risk are related to: (1) geological profile; (2) groundwater conditions; 
(3) constructability; and (4) continuity from design through construction. 

The most relevant source of risk is the geological/geotechnical profile. The practicability 
and efficiency of all tunneling processes depend on the reliability of the assumptions made 
about the ground characteristics: the ground model. Groundwater conditions within the soil 
and rock deposits have a great influence on the tunneling project. The amount of water, chem- 
ical properties of the water, static and dynamic pressures within the entire groundwater 
regime, and the ability of the water to flow through the various soil/rock layers when subjected 
to pressure differences should be considered a source of uncertainty/risk. 


2.3 Addressing and allocating risk 


Risk assessment would identify the risks and propose mitigation measures for eliminating, 
managing and minimizing their effects. After the risks are identified, they need to be allocated. 
The optimal risk allocation should be based on the principles of ability to control risk and 
fairness. In the tunneling practice, risk allocation is very much influenced by the nature of the 
contractual relationships. Some general principles for allocation of unavoidable construction 
risks are provided by (Kuesel, 1979): 


1. The contractor should bear all risks over which he/she can exercise reasonable control. It 
includes all matters relating to selection of construction methods and equipment and pros- 
ecution of the work, except when this control is impaired by the action of third parties; 

2. Site conditions should be defined for contracting. The contractor should bear the risk of 
variations that might reasonably be anticipated, but the owner should bear the costs of sub- 
stantial differences; 

3. Regarding to third-party effects, risks should be allocated to who is best able to deal with 
the third party; 

4. Construction safety should be responsibility of the contractor; 

5. Financial risk with respect to third parties is properly allocable to insurers (either the con- 
tractor’s or the owner’s); and 

6. The allocation of risks due to general economic factors (material and labor price escalation, 
foreign exchange rates, general strikes) depends on the duration and location of the 
project. 
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Nowadays, the current tunneling practice is normally characterized by: (1) adversarial rela- 
tionships; (2) low bidding environment; and (3) liability risk for engineering professionals. 

When big discrepancies in cost and time occur, ‘adversarial relationships’ emerge signifi- 
cantly affecting the outcome of a tunneling project. Adversarial relationships create uncon- 
trollable costs and long periods of construction in tunneling. Owners may create a ‘Low 
Bidding Environment’ (LBE) within which contractors and engineering professionals must 
respond. The low-bidder contractor may bid the project at a price that does not reflect the 
reality of anticipated site conditions. Liability risk to engineering professionals may result 
from disappointed owner’s expectations. Sometimes, these expectations do not always match 
the technical, geologic, and economic reality. 


3 IMPROVING TUNNELING PRACTICE 


Traditionally, existing standard forms of construction guidelines and contracts did not 
adequately deal with the particularities of the subsurface environment. Unfair allocation of 
risk in contracts will inevitably complicate the delivery of a subsurface construction project 
because an unfair bargain inevitably leads to conflict and disputes. Thus, the tunneling indus- 
try as promoted the sharing of risk. In 1974, the ITA established a Working Group on “Shar- 
ing of Risks in Underground Construction”. The primary concern of the ITA and its Working 
Group on contractual sharing of risk has been the development of advice to ITA member 
nations on ways to distribute more equitably the risk of underground construction among the 
owner, the contractor and the engineer (consultant). 


3.1 Geotechnical Baseline Report (GBR) 


The GBR establishes a contractual understanding (interpretation) of the subsurface site condi- 
tions, referred to as baselines. Risks associated with conditions consistent with or less adverse 
than the baselines are allocated to the Contractor, and those significantly more adverse than 
the baselines are accepted by the Owner. If conditions are determined to be more adverse than 
portrayed in the baselines, the Owner pays any additional cost of overcoming those conditions 
(Essex, 2007). 


3.2 Emerald Book (FIDIC, 2018) 


The Geotechnical Baseline Report (GBR) is a key contractual document of the Emerald Book 
that defines the geotechnical baselines agreed by the Parties and stipulates the contractual risk 
allocation mechanisms. A major distinction of the GBR concept proposed in the Emerald 
Book with respect to the traditional GBR format consists in the incorporation of a baseline of 
excavation, support and lining works, which are applied during construction with the purpose 
of remeasurement and adjustment of contractual construction time and cost (Gomes, 2020). 


4 GAME THEORY 


‘Game theory’ is a mathematical approach devoted to decision making in social interactions. 
It is applicable to any social interaction with the following three properties (Colman, 1995): 


1. There are two or more decision makers, called ‘players’ (players who will make choices 
and decisions); 

2. Each player has a chance of two or more ways of acting, called ‘strategies’ (a strategy is 
a complete plan of action). The outcome of the interaction depends on the strategic choices 
of all the players; and 

3. The players have well-defined preferences among the possible outcomes, so that numerical 
‘payoffs’ reflecting these preferences can be assigned to all players for all outcomes. Payoff 
is the outcome associated with each possible combination of decisions from the players 
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Any social interaction with these three properties is a game in the terminology of game 
theory—or to be more precise could be modeled as a game (Colman, 1995). The objective of 
game theory is to determine what strategies the players may choose in order to satisfy their 
interests and what outcomes will result if they do so. An essential feature of these interactions 
is that each decision maker has only partial control over the outcome. 


4.1 Game modeling 


A ‘game’ is a purely imaginary idealization of a social interaction: a complex social interaction 
is replaced by a simplified abstract structure. The essential attribute of a player is the capacity 
to choose, or in other words, to make decisions. These decisions are called moves or strategies. 
The final product, given the rules of the game, is the outcome which occurs at the end of each 
‘play’ in the game. A play is a sequence of choices, one following another until the game is 
terminated (Colman, 1995). 


4.2 Scope and applications 
The scope of game modeling is: 


e The choices people may make, or, better, the choices they should make (in a sense to be spe- 
cified), in the resulting equilibrium outcomes, and in some aspects of the communication and 
collusion which may occur among the players in their attempt to improve their outcomes; 

e The variables which control the possible outcomes are assumed to be well specified; 

°- The player preferences are represented numerically by a ‘utility function’, which represents 
the player’s desire for the preferred outcomes; and 

¢ The behavior of the players is assumed to be controlled by the maximization of utilities 


4.3 Utility theory 


The problem of decision making is crucial to the whole game theory, where the behavior of 
the players is characterized by assuming that each player has a pattern of preferences over 
a set of outcomes. Consequently, the concept of individual utility reflects quantitatively indi- 
vidual preferences. Any individual decision problem can be represented by a numerical index 
called ‘utility’, provided that the preference relations are transitive (Duncan and Raiffa, 
1985). In the context of game theory, utility theory is used for solving games. As the payoffs 
form an integral part of a game definition, the game is not defined until the payoff magnitudes 
(in terms of personal utilities) are assigned by the players to the outcomes. 


4.4 Rules of the game 


In general terms, the rules of any extensive form game must specify in advance which moves 
are available to the players. In other words, the rules give all the formal relations among the 
players: who moves, when, what information is known when he/she moves, what alternatives 
are available to him/her, and the ultimate outcome to each sequence of choices (Duncan and 
Raiffa, 1985). 

In order to consider rationality and knowledge of the players, three properties are assumed 
(Charalambos and Chakrabarti, 2000): 


1. Each player has preferences over the game outcomes; 

2. Each player is fully aware of the rules of the game and the utility functions of the other 
players. In other words, each player is assumed to have full knowledge of the game in 
detail and of the preferences of the other players; 

3. Each player is assumed to be ‘rational’ in the sense that, given two alternatives, the player 
will always choose the one with larger utility. In other words, it is a postulate of rational 
behavior 
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5 COLLAPSE OF LAMBACH TUNNEL 


In this section, a real tunnel collapse is analyzed with the help of the game modeling approach. 
This collapse will be modeled as an ‘Extensive Game’. 


5.1 Project description 


The tunneling project is located near the town of Lambach between the cities of Salzburg and 
Vienna. The project is characterized by: cross-section of 120 m; total length 1400 m; tunnel 
diameter 13.10 m; and maximum overburden 20 m. Conventional tunneling began in 1992. 
Initially, conventional excavation includes three different stages: top-heading, benching, and 
invert. 


5.2 Ground conditions 


The underground conditions along the whole tunnel alignment can be characterized by three 
different (2 soils and 1 soft rock) formations (Wagner, 2005). The soil 1 (Schicht 1) corres- 
ponds to a silty-clay plastic material; soil 2 (Schicht 2) correspond to a coarsed-grained, sand- 
ing cemented-gravel; and soil 3 (Schicht 3) corresponds to a soft (claystone-limestone) rock 
formation. The groundwater table is below the underground excavation and, therefore, it did 
not affect the ground properties during construction (Wagner, 1995). 


5.3 Construction and collapse 


A definition of the “critical” settlements (vertical deformation) for further construction pro- 
cesses was established. Absolute critical vertical deformation due to: top-heading excavation 
(5.24 cm); and benching (3.49 cm). As additional support elements, the following elements were 
proposed and implemented: additional rock bolting; a stiffer shotcrete lining (d = 30 cm); and 
soil improvement through injections. As more conservative excavation sequences, the following 
recommendations were implemented: shortening the ring closure (initially, the ring closure 
distance was 8.0 m, and later, it was only 5.50 m); partial excavation of bench. 

However, the date 30/6/1992 at 22:15, a tunnel collapse between the locations TM 
643.0 m and TM 653 TM affected the underground excavation. That day, the benching was 
passing through these locations and the invert was about 7.4 m behind the bench. 


6 GAME MODEL 


The Lambach Tunnel Collapse can be perfectly modeled as a sequential game. Here, a three 
player sequential game is proposed. An Owner is contracting a construction contractor for 
a tunneling project. 


6.1 Game stages and choices 
In Stage 1, the Owner has three (3) alternatives: 


e No use of Geotechnical Baselines 
e Use of the traditional GBR (R. Essex, 2007) 
e Use of the Emerald Book (FIDIC, 2018) 


For the first alternative (no use of Geotechnical Baselines), the Owner is going to provide 
the final design based on the principles of the Sprayed Concrete Method (SCM). The SCM is 
a flexible construction technology in which the design of support systems is optimized by trial 
and error. In case the capacity of chosen support elements are not enough, they can be 
adjusted during construction based on the results of a monitoring program. 
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For the second alternative (use of traditional GBR), this approach consists of adopting 
a three-step GBR development process. In the first step, the Owner shall prepare an initial 
GBR (called GBR-A, for Tender), which is reviewed and amended and submitted as the 
GBR-B version (for Bid) together with their respective bids. The definitive contractual docu- 
ment (called GBR-C, for the contract) shall include the final Owner’s revision and any modifi- 
cations that may result from agreements met between the Parties during the contract 
negotiation stage. 

For the third alternative, the Emerald Book assumes that the GBR shall be fully developed 
and owned by the Owner. 

In Stage 2, the Contractor has two (2) alternatives: 


e Use geotechnical monitoring 
e Not use geotechnical monitoring 


As the Lambach Tunnel was designed based on the principles of the Sprayed Concrete 
Method (SCM), the Contractor shall implement a geotechnical monitoring program in order 
to satisfy the construction specifications: 


e SCM emphasizes the intensive use of instrumentation and real time monitoring. They are 
used to assess the stability and deformation state of the system: rock mass and support 
elements. The behavior of the support elements and the surrounding ground during the 
stress-redistribution process should be monitored and controlled 

e SCM is based on the philosophy of building as you go. Where the ground support is selected 
based on anticipated conditions, monitoring must verify the adequacy of the support cap- 
acity and indicate if more support is required. 


Finally, in Stage 3, a player called Nature decides if the tunnel collapses or not according to 
the laws of probability. 


6.2 Probabilities of collapse 


The problems typically found in soft ground tunnels are: failure where the strength is induced 
by induced stresses; and excessive closure if support is inadequate. For these failure mechan- 
isms, the critical technical issues include: excavation method and sequence; and capacity and 
installation sequence of support systems. Therefore, the acceptability criterion is the capacity 
of installed support should be sufficient to stabilize the rock mass and to limit deformations 
to an acceptable level (Hoek, 2005). 

For this particular case, the combination of the several factors (soft ground + low overbur- 
den + flexible support system) creates a potential failure mechanism of ground failure up to 
the ground surface. And this failure mechanism was not clearly identified by the specifications 
and contract documents. 

The probabilities of collapse are based on the following considerations. 


If the contract does not consider the use of Geotechnical Baselines: 


¢ If Contractor use monitoring: (p = 0.30); in case of anticipated behavior, the Contractor is 
able to installed additional support to avoid collapse 

¢ If Contractor use no monitoring: (p = 0.50); any variation in the expected ground behavior 
cannot be anticipated 


If the contract use the Emerald Book (FIDIC, 2018): 


¢ If Contractor use monitoring: (p = 0.10); during the preparation of the GBR, the Owner’s 
team identified the risk of subsidence. If any variation in the ground conditions during con- 
struction, a mitigation plan would be implemented 

¢ If Contractor use no monitoring: (p = 0.20); any variation in the expected ground behavior 
cannot be anticipated, but the risk of subsidence was at least considered during the prepar- 
ation of the GBR 
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If the contract use the traditional GBR (R. Essex, 2007): 


¢ If Contractor use monitoring: (p = 0.05); during the preparation of the GBR (stages A, 
B and C), all Parties were engaged and the risk of subsidence was well identified 

e If Contractor use no monitoring: (p = 0.10); any variation in the expected ground 
behavior cannot be anticipated. However, the probability of failure is minimum due 
to the support system selected to prevent this potential failure during the development 
of the GBR 


6.3 Payoffs 


The payoffs of the players are measured in terms of millions of American Dollars. The utility 
function of the Owner is the amount of money required to complete the project. On the other 
hand, the utility function of the Contractor is determined by the money he/she will receive for 
constructing the project. 

Costs for the parties: 


e Original Tender Value: $ 50 Million 
e Overruns due to the collapse: $ 100 Million 
e Project disruption: $ 20 Million 


The overruns include: collapse cost + insurance costs + project disruption + associated 
stoppage of working + court fines. 

The theory of decision making under uncertainty is known as Expected Utility Theory. And 
according to the principles of game theory, the behavior of the players is assumed to be 
the maximization (or minimization) of utilities. In other words, the Owner may try to minim- 
ize the “expected” money to pay for the project. In contrast, the Contractor may try to maxi- 
mize the “expected” money to receive for constructing the project. 

The expected payoffs are illustrated for the Owner (no) and the Contractor (nc), 
respectively: 


No use of Geotechnical Baselines: 


(to) = (-150)(0.30) 


+ (-50)(0.70) = -80 


(-70)(0.50) + (-50)(0.50) = -60 


(nc) = (50)(0.30) + 


(50)(0.70) = 50 


(-50)(0.50) + (50)(0.50) = 0 


Use the Emerald Book: 


(to) = (-150)(0.10) 


+ (-50)(0.90) = -60 


(-70)(0.20) + (-50)(0.80) = -54 


(nc) = (50)(0.10) + 


(50)(0.90) = 50 


(-50)(0.20) + (50)(0.80) = 30 


Use the traditional GBR: 


(1o) = (-150)(0.05) 


+ (-50)(0.95) = -55 


(-70)(0.10) + (-50)(0.90) = -52 


(nc) = (50)(0.05) + 


(50)(0.95) = 50 


(-50)(0.10) + (50)(0.90) = 40 
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If Contractor decides Monitoring 
If Contractor decides No Monitoring 


If Contractor decides Monitoring 
If Contractor decides No Monitoring 


If Contractor decides Monitoring 
If Contractor decides No Monitoring 


If Contractor decides Monitoring 
If Contractor decides No Monitoring 


If Contractor decides Monitoring 
If Contractor decides No Monitoring 


If Contractor decides Monitoring 
If Contractor decides No Monitoring 


6.4 Game solution 


In this game, the Contractor has only two alternatives: monitoring or not monitoring. For 
him/her, monitoring is the best alternative: [{50 > 0}, {50 > 30}, and {50 > 403]. Thus, the 
Owner may assume that the Contractor will always decide ‘monitoring’. 

In consequence, the Owner has to decide between the following alternatives: 


{- 80} if he/she decides not use Geotechnical Baselines 
e {-60} if he/she decides use the Emerald Book 
e {-55} if he/she decides use the traditional GBR 


In strict game theory terms, this game has one solution: 


* Owner — Traditional GBR 
e Contractor > Monitoring 


7 CONCLUSIONS 


For non-mathematical applications (in the social, economic, and biological sciences), game 
theory has provided a useful framework for explaining and predicting “human” behavior in 
a wide range of situations including interdependent decision making. In fact, game models 
have the potential to reveal how fallible human decision makers behave in strategic inter- 
actions whose structural properties are understood in terms of the theory. 

Tunneling failures of the past can be analyzed in order to provide light on good tunneling 
practice in the future. A lesson learned from this case study is that the design of support elem- 
ents for a tunnel in soft ground (with low overburden) needs to accommodate not only the 
estimated final loads, but also the construction methodologies that are compatible with the 
underground conditions and should be sufficient robust to accommodate reasonable vari- 
ations in geotechnical conditions and normal variations in construction workmanship. 

Decisions in tunneling that consider uncertainties can be made either on the basis of risk or 
on the basis of the probabilistically expressed occurrence of events. In fact, tunneling cost and 
time are affected by geological-geotechnical factors and by construction factors. For the con- 
struction performance uncertainty, it involves the uncertainty of the phenomena, as well as 
the uncertainty that the tunnel will be affected if the phenomenon occurs. 

Tunneling projects today must not only make use of the most sophisticated knowledge and 
technology available, but also meet principles of fair and realistic risk allocation. Therefore, it 
is important to include uncertainties in the decision-making process and to use risk manage- 
ment tools. In this document, the game modeling approach was used to analyze a real tunnel- 
ing design failure. 

The game model clearly indicates that consultants should have, at least, a basic understand- 
ing of the owner’s experience, expectations, and risk preferences in order to develop their own 
risk management strategies. In other words, risk management in tunneling requires direct and 
discussions of potential risks, how they may be managed, and an agreement of their existence 
and ultimate disposition. 
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ABSTRACT: Line 4 is a new, under construction, line of the Athens Metro. The bedrock of 
Athens is the Athens Schist, a slightly metamorphosed, intensely deformed, heterogeneous 
meta-sedimentary succession. The complexity of the ground conditions imposed significant 
challenges when these needed to be quantified for the realization of the Baseline Statements in 
the framework of the Geotechnical Baseline Report (GBR) that was prepared for the first 
time by ATTIKO METRO S.A. in 2018. No data in literature or case studies were found 
regarding such engineering geological conditions and GBR. Common tunnelling concepts 
such as mixed ground conditions had to be defined in a quantitative manner. An innovative 
approach was implemented that included (a) qualitative/semi-quantitative description of typ- 
ical engineering geological behaviour with respect to TBM tunnelling, (b) quantification and 
definition of what constitutes mixed ground conditions and (c) dimensioning of karstic voids 
with respect to introduced sectors at the TBM excavation profile. 


1 INTRODUCTION 


Line 4 is a new, under construction, line of the Athens Metro currently comprising 15 stations 
and approximately 10,3 km of a 9,5 m diameter tunnel boring machine (TBM) tunnel. The 
selected TBM type is the Earth Pressure Balance (EPB) TBM which utilizes an active face 
support. 

A Geotechnical Baseline Report (GBR) was prepared for the first time by ATTIKO 
METRO S.A. (Project Owner/Client) as part of the tender documents in 2018, to be used as 
a contractual frame of reference for the ground conditions and as a basis for the allocation of 
commercial risk. It aims to provide clear and realistic contractual Baseline Statements regard- 
ing specific urban and ground conditions that are likely to be encountered along the project. 
The GBR does not address antiquities or man-made structures in general, and provisions for 
these issues are included in other Contract Documents. The document was prepared taking 
into account guidelines proposed by the Technical Committee on Geotechnical Reports of the 
Underground Technology Research Council (2007). 

The Baseline Statements are the contractual borderlines that the Project Owner/Client uses 
when assessing Contractor’s compensation events relating to differing site conditions and serve as 
a commercial mechanism for apportioning risk and cost between the Owner and the Contractor. 


2 GBR DEMANDS 


The practice of including a GBR in the Contract Documents, although new for ATTIKO 
METRO S.A., is not uncommon for urban tunnelling projects. A GBR typically incorporates 
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Baseline Statements that provide a description of specific ground conditions, which may be 
encountered during the construction of the Project. 

The Contractor assumes the risks associated with conditions that are identical or more favour- 
able than those in the Baseline Statements. Risks associated with conditions that are more adverse 
than those in the Baseline Statements are accepted by the Client. Works performed by the Con- 
tractor, due to the fact that conditions substantially more adverse than those described in the 
Baseline Statements have been encountered, are not included in the Lump Sum Price. 

The Baseline Statements are —in essence- contractual representations of expected ground 
conditions and are not a warranty that these conditions will actually be encountered. The 
actual conditions encountered could be more adverse or more favourable than those described 
in the Baseline Statements. 

Baseline Statements should be realistic, i.e. should be as close to the real expected condi- 
tions as possible and should not underestimate or overestimate a specific condition. In order 
for a Baseline Statement to be realistic, a sound understanding of the engineering geological 
conditions of the project is required. This is absolutely necessary in order to quantify these 
engineering geological conditions, where possible, into Baseline Statements. Additionally, the 
conditions associated with Baseline Statements should be measurable and not prone to subject 
interpretation or misinterpretation once a baseline crossing claim is suggested. 

Apart from the Baseline Statements, a GBR should also provide clear and comprehensive 
description of the excavation (or other) conditions that are to be encountered. Since not all geo- 
technical conditions can be quantifiable or verified during construction, typically, where the quan- 
tification of a said condition is impossible or the crossing of a baseline is non-measurable, it is 
necessary for this said condition to be adequately and comprehensively described in the GBR in 
order for the Contractor to have a sound knowledge of the excavation conditions. 


3 GEOLOGICAL CONDITIONS 


3.1 Geological formations 


The project area consists mainly of alpine geological formations, overlain locally by post-alpine 
terrestrial sediments. The alpine formations are predominantly part of the Athens Unit, while the 
Alepovouni Formation and Ultrabasic Rocks are locally encountered (Boronkay et al., 2021). 

The Athens Unit includes (from top to bottom) the Crest Limestone, the Athens Sandstone - 
Marl Series and the Athens Schist, which is divided into the Upper Athens Schist and the Lower 
Athens Schist. 

The Athens Unit consists of non-metamorphosed to slightly metamorphosed rock (Marinos 
et al., 1971). Based on the data of the ground investigations, the Crest Limestone and the Sand- 
stone - Marl Series consist of non-metamorphosed lithological units, while Athens Schist con- 
sists of non-metamorphic to very low grade metamorphic rocks. 

The Upper Athens Schist mainly consists of alternations of meta-sandstone and meta- 
siltstone. Limestone, calcareous meta-sandstone, calcareous meta-siltstone, schist (chlorite 
quartz, chlorite epidote, calcite chlorite) as well as phyllite are also encountered. The limestone 
is very often karstified. 

The Lower Athens Schist mainly consists of shale, meta-siltstone and meta-sandstone. 
Small-thickness chlorite schist and limestone are also encountered locally. Within the Athens 
Schist, quartz lenses or fragments are encountered, more systematically within the lower for- 
mation. Quartz appears to be solid or fragmented, while in many occasions its thickness does 
not exceed 0,5 m. The maximum vertical thickness of the quartz lenses recorded at the sam- 
pling boreholes was 1,2 m. 

The central section of the tunnel excavation profile is mainly associated with the presence of 
the Athens Schist and for a significant section of the project runs along and at the level of the 
contact between the Upper and the Lower Athens Schist (Figure 1). 

Post-alpine geological formations are distinguished (from bottom to top) into Alluvial Fan 
Deposits, Fluvio-torrential Deposits and contemporary Anthropogenic Deposits. 
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3.2 Tectonic deformation 


On the mesoscopic scale, the lithological units with persistent, very dense foliation —mainly 
grey meta-siltstone, the very dense alternations of meta-siltstone and meta-sandstone— appear 
systematically folded and, locally, intensely folded, with isoclinal, recumbent folds, rootless 
folds, with axial plane cleavage and sheared with shear surfaces. The ductile grey shale and its 
alternations with meta-siltstone with very dense foliation, appear sheared with very dense, 
slickensided shear surfaces, which often form centimetre-scale flakes. 
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Figure 1. Simplified geological longitudinal section of Line 4A. 


The alternations of meta-sandstone and meta-siltstone, the meta-sandstone with dense to 
medium foliation, the thin-bedded to medium-bedded marly limestone, the sandstone and the 
claystone exhibit a number of joints and shear surfaces as well as more open upright or over- 
turned folds. Massive limestone and breccia present on a mesoscopic scale dense, high and 
medium-angle joints and low-angle shear surfaces. Frequent is the existence of cataclasites with 
impregnations of oxides and hydroxides, especially at the more permeable lithological units 
(meta-sandstone, calcitic schist, sandstone, etc.) as well as of thin veins of quartz and calcite. 

On a macroscopic scale, the basic tectonic characteristics were depicted in the geological 
longitudinal sections of the Tendering Design and comprehensively in the simplified geological 
longitudinal section of Figure 1. 

The alignment systematically runs along the contact between the Upper and Lower Athens 
Schist (Figures 1 and 2). This contact is generally characterized as a detachment surface that 
locally exhibits a shear zone of a significant thickness (up to 2 m), while in some cases it 
appears as a normal transition without the shear characteristics. 


4 PROJECT-SPECIFIC GBR CONSTRAINTS 


The engineering geological environment of the project area imposed significant constraints 
and challenges in the GBR compilation process, most notably with respect to parameters and 
conditions that may affect the excavatability of the tunnel with a TBM. 

The most important aspect that affected the compilation of the GBR and the Baseline State- 
ments therein is the heterogeneous nature of the dominant geological formations of the pro- 
ject, namely the Sandstone - Marl Series and the Athens Schist. 
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In the context of defining in a contractual manner, as in a GBR, what constitutes “stand- 
ard” rock mass conditions and what exceeds these standards, significant and innovative defin- 
itions had to be introduced. Typically, the GBR Baseline Statements derive from the 
evaluation of a said parameter, the estimation of the typical range of values and the designa- 
tion of the value above or below which the baseline is exceeded. 


Figure 2. Borehole core samples. Typical transition from the upper to the lower Athens Schist. The 
transition is marked by the presence of a shear zone between 17.9-19.3 m. 


However, in a heterogeneous rock mass, an intact rock parameter or property, such as the 
rock strength or abrasivity, cannot be directly evaluated in this context since mixed ground 
conditions, i.e. more than one rock types, may be present at a tunnel excavation profile. This 
creates a problem of its own but more problems arise when attempting to define what consti- 
tutes mixed ground conditions, again in a contractual manner. 

To sum up, the GBR of line 4A included typical Baseline Statements concerning strength, 
abrasivity, water inflows, urban conditions etc. but had to overcome constraints arising from 
the nature of the dominant rock masses, i.e. the description of engineering geological conditions 
and behaviour in excavation and most importantly, the definition of mixed ground conditions. 

An additional issue that added difficulties in the process of the compilation of the GBR and 
which is not related with the heterogeneous nature of the rock masses is the presence of karstic 
voids in the carbonate members of the geological formations. In particular, where karstic 
voids are encountered, what extent and where should the void be with respect to the TBM 
excavation profile in order to be considered as affecting the TBM advance and as such, pre- 
sent more adverse conditions than expected, in a contractual manner? 

These constraints were addressed in the process of the compilation of the line 4A GBR and 
the manner in which this was achieved is presented in the following paragraphs. It is noted 
that for the purposes of the present paper, the Athens Schist, which is the most extensive geo- 
logical formation of the project area, is selected as the showcase formation for the above 
issues except the presence of karstic voids. 


5 ENGINEERING GEOLOGICAL BEHAVIOUR - POSSIBLE TYPES OF FAILURE 


In the framework of the several phases of ground investigation, rock mass classification was 
applied to the cores of the sampling boreholes collected from alpine geological formations. The 
rock mass classification system implemented was the Geological Strength Index GSI (Marinos 
and Hoek, 2000) along with the recommendations on its use (such as per Marinos V. et al., 2005). 

In addition to the range of the GSI values, the information recorded in the framework of the 
rock mass classification concerning the structure and the condition of its discontinuities provide 
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significant and reliable indications on its engineering geological behaviour, either during TBM 
boring or during tunnelling using conventional mechanical means (Marinos V. 2012). 

More precisely, classifying the structure of the rock mass as intact (I), blocky (B), very 
blocky (VB), blocky/disturbed/seamy (BDS), disintegrated (D) and laminated/sheared (LS) is 
indicative of the possible types of failure expected to occur in underground excavation tunnels. 
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Figure 3. Structure and condition of discontinuities in the rock masses of the Athens Schist. Graphs do 
not show the absolute GSI range but only the structure and the condition of the discontinuities. The size 
of the circles indicates length of core run of each classification. 


In the graphs of Figure 3, the difference in the rock mass classifications in terms of the con- 
dition of the discontinuities is discernible. In the Upper Athens Schist, the recording of Very 
Poor (VP) discontinuities are almost missing, contrary to the Lower Athens Schist where dis- 
continuities classified as Fair (F) and obviously the ones classified as Good (G) and Very 
Good (VG) are almost absent. 

The Tunnel Behaviour Chart (TBC) for rock masses of Marinos V. (2012) describes 24 dif- 
ferent expected engineering geological behaviours depending mainly on the structure of the 
rock mass, as well as on the strength of the intact rock and the thickness of the overburden 
zone. In the TBC, the engineering geological behaviour affects the operation mode (closed, 
semi-closed or open) in TBM tunnels. The whole range of engineering geological behaviours 
include stable ground conditions (St), geometrically controlled wedge type gravity driven fail- 
ures (Wg), gravity driven chimney type failures (Ch), gravity driven ravelling ground type fail- 
ures (Rv) or —where increased water flow is also present- flowing ground shear failure type 
(Sh) (tunnel face failure in combination with convergence). 

Depending on the strength of the intact rock and the presence of groundwater, none of the 
engineering geological behaviours of the TBC can be excluded. Similarly, both the Upper 
and —mainly— the Lower Athens Schist are expected to mostly exhibit types of failure Ch, Rv 
and less Wg and Sh. 

Within the Athens Schist, shear zones are frequent in the form of cataclasite or fault gouge, 
while, often, the shear zones and the faults exhibit frequently oxides and hydroxides due to 
percolations of hydrothermal fluids. 

These local differentiations render the selection of an open mode TBM tunnel operation to be 
rather unsafe while, for tunnels bored using conventional mechanical means it is required to 
adopt temporary support measures which will be able to address failures as the ones expected. 
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6 MIXED GROUND CONDITIONS AT THE TUNNEL FACE 


Mixed ground conditions at the tunnel excavation face pose significant challenges on the TBM 
operation, especially in terms of wear and tear of the cutting tools and possible alignment 
issues. The definition of mixed ground conditions is the simultaneous presence of two or more 
lithological units with significant difference in their strength at the same tunnel excavation face. 
As mentioned before, for the needs of the GBR, mixed ground conditions at the TBM tunnel 
face had to be defined in a measurable way. It is noted that, in the process of the compilation of 
the GBR, no data in literature or case studies of other projects’ GBRs were found with respect 
to such engineering geological conditions. As such, common tunnelling concepts such as mixed 
ground conditions, had to be defined in a quantitative manner. 

The definition that was introduced by ATTIKO METRO S.A. is summarized in the three 
following criteria. These criteria must concurrently be satisfied in order to verify the existence 
of mixed ground conditions. 


1. Concurrent presence at the TBM tunnel face of at least two lithological units presenting 
a significant difference in terms of strength —hereinafter strong lithological unit and weak 
lithological unit. 

2. The strong lithological unit has an intact rock unconfined compressive strength > 20 MPa. 

3. The weak lithological unit is soil or the ratio of the intact rock unconfined compressive 
strength of the strong lithological unit to the weak lithological unit is > 8 or the minimum 
GSI value at the TBM tunnel face (excluding the strong lithological unit) is < 20. 


Mixed ground conditions at the TBM tunnel face were further distinguished into three types 
depending on the distribution of lithological units: 


1. Type 1: continuous alternations of layers/lenses throughout the entire excavation face; the 
medium thickness of the layers/lenses is greater than 630 mm. 

2. Type 2: two lithological units where each one occupies a different area at the excavation 
face; the participation percentage of each lithological unit is approximately the same (ran- 
ging from 70 % — 30 % to 30 % — 70 % of the excavation face). 

3. Type 3: a clearly delimited by the remaining ground occurrence of a strong lithological unit, 
with a participation percentage at the excavation face smaller than 30 % and a minimum 
average diameter greater than 630 mm; this case includes the occurrence of wedges and 
lenses in the alpine and of large boulders in the post-alpine geological formations. 


Since the Athens Schist and the Sandstone - Marl Series are heterogeneous rock masses almost 
solely consisting of alternations between strong and weak lithological units, the existence of mixed 
ground conditions of type 1 and 2 at the TBM tunnel face shall be particularly frequent in all 
TBM tunnels and as such, no Baseline Statements were issued for these types. This is the reason 
why types 1 and 2 were designated as “standard” excavation conditions for line 4A. 

Regarding the existence of boulders (type 3 mixed ground conditions at the TBM tunnel 
face, existence of boulders) the following Baseline Statement was issued: 

No large boulders will be encountered at Alluvial Fan Deposits, the Fluvio-torrential Deposits 
and the Anthropogenic Deposits within the TBM tunnels’ profile. 

Regarding the existence of wedges and lenses (type 3 mixed ground conditions at the TBM 
tunnel face, existence of wedges and lenses), a Baseline Statement concerning specific sections 
of the project was issued, with respect to the actual evaluated ground conditions. 


7 EXISTENCE OF KARSTIC VOIDS 


For the purpose of the GBR compilation, karstic voids were defined as the natural voids encoun- 
tered within the carbonate lithological units (see Table 1). The filling materials of karstic voids 
may be the following: (a) no fill material (empty void), (b) water, (c) soil materials, often fine- 
grained (red clay), (d) minerals —often crystalline or amorphous calcite— which may form stalactites 
or stalagmites. A void may be filled with one filling material or a combination thereof. 
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In the project’s geotechnical investigation sampling boreholes, the cores of the carbonate 
lithological units sometimes exhibited karstic voids. When karstic features were systematic 
throughout the thickness of the carbonate lithological unit, then the lithological unit was char- 
acterized as karstic. The aforementioned data as percentages on the geological formations and 
on the carbonate lithological units encountered in the boreholes are summarized in Table 1. 


Table 1. Cumulative lengths and percentages of karstic features in sampling boreholes. 
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Figure 4. Explanation of the TBM sectors and dimensions of karstic voids. 


Table 2. Maximum values of karstic voids dimensions. 


Sector Max value of dimension a (m) Max value of dimension b (m) Max value of dimension c (m) 


Tl 1,5 1,5 1,5 
T2 2,0 2,0 2,0 


a = aperture of the void along the axis of the TBM tunnel, b = aperture of the void transversally to the axis of 
the TBM tunnel in the horizontal direction and c = aperture of the void transversally to the axis of the TBM 
tunnel in the vertical direction. 


The maximum dimensions concerning karstic voids during TBM excavation, i.e. the base- 
lines for the GBR were defined and are presented in Figure 4 and Table 2. Karstic voids with 
smaller dimensions compared to the ones shown in Table 2 do not constitute adverse condi- 
tions in the boring of TBM tunnels. 
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Additionally, two sectors (T1 and T2) relative to the TBM excavation face were introduced 
by ATTIKO METRO S.A. in order to differentiate between the different impacts of void 
occurrences depending on the position of such a void. Sectors T1 and T2 as well as the dimen- 
sions a, b and c are explained in Figure 4. 

The evaluation of the ground investigation data and the introduction of the previously explained 
sectors and dimensions made possible the issuance of a Baseline Statement for karstic voids which 
was as follows: During the boring of TBM tunnels, no karstic void located in part or in full within the 
sectors of the TBM excavation profile, as described in Table 2, will be encountered having all its a, 
b and c dimensions greater than the corresponding maximum values per sector, as stated in Table 2. 


8 CONCLUSIONS 


The compilation of a GBR for the new Athens Metro line 4A had to overcome constraints arising 
from the nature of the dominant rock masses. These rock masses are heterogeneous and as such 
are difficult to quantify and evaluate their behaviour and parameters in a manner appropriate for 
a contract document such as the GBR. In the process of the compilation of the GBR, no data in 
literature or case studies of other projects’ GBRs were found with respect to such engineering geo- 
logical conditions. Common tunnelling concepts such as mixed ground conditions, had to be 
defined in a quantitative manner. Additional issues were risen with respect to the occurrence of 
karstic voids when it came to the definition of what constitutes adverse conditions. 

ATTIKO METRO S.A. implemented an innovative approach that included, among other 
issues, (a) the qualitative/semi-quantitative description of the typical engineering geological 
behaviour of the rock masses with respect to TBM tunnelling, (b) the quantification and defin- 
ition of what constitutes mixed ground conditions and (c) the dimensioning of karstic voids 
with respect to introduced sectors at the TBM excavation profile. 

Apart from these issues of particular attention, Baseline Statements concerning strength, 
abrasivity, water inflows, ground water level, urban conditions etc. were also issued in the 
framework of the GBR. 
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ABSTRACT: Project Alliance is a collaborative procurement approach developed and custom- 
ised for the purposes of a single project and is recommended for projects where the actual works 
are challenging, the risks uncertain and the environments complex. If anything, tunnelling pro- 
jects are known for carrying an inherent uncertainty most notably (but not exclusively) pertaining 
to ground conditions. Having said that, tunnelling projects are also infamous for cost overruns, 
significant delays and often suffer from numerous disputes that unavoidably result in damaged 
relationships between the contracting parties. This paper refers to the challenges that led up to 
the development of Project Alliance as procurement model, presents the structure, mechanisms 
and key features of a Project Alliance and critically discusses the suitability of Project Alliances 
for tunnelling projects. 


1 DEVELOPMENTS IN PROCUREMENT 


1.1 Traditional contracting 


At the beginning of the 1990s it had become abundantly clear that infrastructure projects, pro- 
cured through traditional models, were prone to, if not destined for, cost overruns and extensive 
delays. Thus, it came as no surprise when shortly thereafter reports started emerging, firstly in 
the United Kingdom, addressing the ineffectiveness of the prevailing traditional procurement 
methods and the need to consider other more collaborative approaches (Egan, 1998). The 
rationale was that traditional procurement, often based on fixed price contracts, tied the parties 
into an adversarial relationship that led to delays and substantial cost overruns (Strategic 
Forum for Construction, 2002);(National Audit Office, 2001). Furthermore, the Tang report 
came to the conclusion that a confrontational environment existed among contracting parties 
resulting in an adverse effect on project performance (Construction Industry Review Commit- 
tee, 2001). 

In response to these negative observations, a steady shift towards other procurement 
methods that were perceived to manage the challenges of infrastructure projects in a more 
effective manner began to emerge (Heaphy, 2011). The Egan report in 1998 was one of the 
earliest to promote alliance as a means of overcoming the prevailing difficulties associated 
with traditional procurement (Egan, 1998): 


The concept of the alliance is therefore fundamental to our view of how efficiency and quality 
in construction can be improved and made available to all clients, including inexperienced 
ones 
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1.2 Alliancing contracting 


Alliances in general have been described as (Henneveld, 2006): 


[... ] incentive based relationship contracts in which the parties agree to work together as 
one integrated team in a relationship that is based on the principles of equity trust, respect, 
openness, no dispute and no blame. In alliances all parties are bound to a risklreward scheme 
where they all share savings or losses, depending on the success or otherwise of the project. 


With regard to the selection process, there are two main forms of alliances, namely (a) pure 
and (b) competitive. The parties in a pure alliance are selected based on their ‘experience, cap- 
ability, and attitudes without regard for price’ whereas in competitive alliances parties are 
selected based on their prices (Love and Ika, 2021). In the early years of the alliance(s), it was 
mostly a pure alliance that was considered and the radical change associated with this 
approach was that partners were to be chosen based on criteria other than prices (Abrahams 
and Cullen, 1998). As Wilke notes, the “Selection is typically based on choosing the team that 
has the greatest potential to achieve out-standing outcomes’ (Wilke, 2008). 

In terms of strategic approach alliances can be distinguished into either a ‘Strategic Alliance’ 
or a ‘Project Alliance’. The former is described as ‘a collaborative arrangement covering several 
projects or other long-term activity’ (Lahdenperä, 2009) whereas the latter is developed for the 
exclusive purposes of a single project. The focus of interest in this paper is on ‘Project Alliance’. 


1.3 Project Alliance 


Whilst ‘Project Alliance’ lacks a universally accepted definition, the concept has somewhat 
evolved over time and more context has been attached to it, as shown in Table 1. Despite the 
varying definitions, there seems to be a consensus that it is an arrangement that requires par- 
ties to work cooperatively towards aligned/agreed goals and objectives. 


Table 1. Evolvement of definition of ‘Project Alliance’. 


Year Definition 


1998 An agreement between two or more entities which undertake to work cooperatively, on the 
basis of a sharing of project risk and reward, for the purpose of achieving agreed outcomes 
based on principles of good faith and trust and an open-book approach towards costs (Abra- 
hams and Cullen, 1998). 


1999 A ‘cosy’ arrangement, lacking the contractual rigour many expect in government contracting 
(Armessen, 1999). 
2000 A short-term relationship between parties where they agree on shared goals and form an inte- 


grated team to achieve results for a specific target project (Voordijk, 2000). 

2001 A business relationship between participants to deliver major capital works [... ] (Gallagher, 2001). 

2003 [... ] where an owner (or owners) and one or more service providers (designer, constructor, sup- 
plier, etc.) work as an integrated team to deliver a specific project under a contractual frame- 
work where their commercial interests are aligned with actual project outcomes (Ross, 2003). 

2008 A relationship where one or more owners form an alliance through a commercial/legal frame- 
work with one or more service providers (designer, constructor, supplier, etc.) for the purpose 
of delivering a specific project (Wilke, 2008). 

2009 A project delivery method based on a multi-party contract between the key players in a project 
whereby the parties assume joint responsibility for the design and construction of the project to 
be implemented through a joint organisation, which includes the owner or client, and where the 
players share both positive and negative risks related to the project and observe principles of 
openness in pursuing close cooperation (Lahdenperä, 2009). 

2014 A form of long term partnering on a project [or programme of works] in which a financial 
incentive scheme links the rewards of each of the alliance members to specific and agreed over- 
all outcomes and in which all aspects of the arrangement are incorporated in legally binding 
contracts (Infrastructure Client Group, 2014). 
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2 FEATURES OF PROJECT ALLIANCES 


2.1 Contract documents 


There are two main alternatives for the core contract documents of a Project Alliance; namely 
(1) a sole document for all participants or (2) one document that applies to all participants 
and addresses the key features/requirements of the alliance and in addition separate agree- 
ments between the owner and the alliance members addressing the requirements of the indi- 
vidual engagements (Abrahams and Cullen, 1998). 

It is not uncommon that alliance participants opt for the second option. Indeed, this was 
the case in the Andrew Field Alliance - reportedly the very first Project Alliance project. The 
alliance members signed an alliance agreement, as well as an individual works contract with 
BP (Client/Owner) (Barlow, 2000). The agreement included the core principles and the work 
contracts for the individual scope of works. In BP’s view, the contractual arrangement pro- 
vided a fall back option should the alliance agreement have failed (Barlow, 2000). As others 
also noted already in 1996, the industry needed to build its faith in the new models and until 
that happened comfort was found in the old legal structure ‘in case things don't work out’ (Far- 
rell, Ramsay and Watzke, 1996). Voordjik also views this type of arrangement alone as being 
applicable to a Project Alliance, as it is the individual contracts that address how a failure to 
reach an agreement or an unexpected fail is to be dealt with (Voordijk, 2000). Similar was the 
arrangement in Wandoo Project Alliance - one of Australia’s landmark Project Alliance pro- 
jects. Conversely to Andrew Field though, the underlying reason for having a dual set of 
documents in Wandoo was allegedly for insurance and indemnity purposes (Campbell and 
Minns, 1996). 

With regard to standard form of contracts, NEC published, in 2019, its first Alliance Con- 
tract which was described as ‘a multiparty contract for the appointment of a number of partners 
to create an alliance to deliver a major project or programme of work.(NEC4: Alliance Con- 
tract) JCT has produced the JCT’s Constructing Excellence Contract and the Association of 
Consultant Architects has produced FAC-1 which is a Framework Alliance Contract. NEC 
contracts are widely preferred in UK and Hong Kong (List of Projects, no date) but neither 
has officially endorsed or adopted the Alliance Contract. Australia, however, came close to 
adopting the template Project Alliance Agreement published by the Federal Department of 
Infrastructure and Regional Development in 2015 (Australian Goverment, Department of 
Infrastructure and Regional Development, 2015) as a standard form of alliance contract, but 
it did not materialize (Hayford, 2019). 


2.2 The structure 


Project Alliances tend to have a certain structure - the Alliance Board, the Alliance Man- 
ager and the Alliance Delivery Team (ADT) comprising the owner(s) and the partners to 
the alliance also known as Non-Owner Participants (NoPs). From time-to-time, other ter- 
minology might be used but in its core the structure and the distinctive functions of the 
different tier groups remain substantially the same. The Client also carries an important 
separate role. 


2.2.1 The Client 

The Client is expected to set out the objectives and the initial scope of works, as well as be 
responsible for selecting the alliance members. During the course of the project, it also has to 
process the payments and monitor the cost and quality of the project (Introducing the new 
NEC4 Alliance Contract, 2018). 


2.2.2 The Alliance Board 

The primary function of the Alliance Board is to set the strategy and the allocation of the 
works to the most suitable partners. (Introducing the new NEC4 Alliance Contract, 2018). This 
Board is also responsible for providing guidance when necessary and ensuring that the alliance 
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members remain committed to the project and the goals of their alliance (Voordijk, 2000). To 
achieve this, the Alliance Board oversees the project development throughout and if adverse 
trends are observed, it takes appropriate necessary actions (Campbell and Minns, 1996). In 
case of a dispute, the Alliance Board must reach a unanimous decision in its resolution (/ntro- 
ducing the new NEC4 Alliance Contract, 2018). 


2.2.3 The Alliance Manager 

The Alliance Manager’s role resembles that of a Project Manager - in that it is responsible for 
managing the contract and overseeing the process. Moreover, the Alliance Manager has to 
follow, and ensure the implementation of decisions made by the Alliance Board and the Client 
(Introducing the new NEC4 Alliance Contract, 2018). 


2.2.4 The Alliance Delivery Team (ADT) 
The ADT consists of members from both the Client and the individual partners and is primar- 
ily tasked with managing the day-to-day activities and delivering the works. 


2.3 Alliance features 


There could a be long list of a Project Alliance’s characteristics however, the four core features 
are (1) ‘Best for Project’ decision making, (2) ‘no blame, no disputes’ culture, (3) Pain/Gain 
share arrangement and (4) Open book accounting (New Zealand Government Procurement, 
2019). Each of these is discussed in turn below. 


2.3.1 ‘Best for project’ decision making 

A ‘best for project’ approach governs the decision-making process and flows down through 
the entire structure (Farrell, Ramsay and Watzke, 1996). An illustrative example of such an 
approach is that of inspectors not strictly following the specifications (as would have been 
done under traditional contracting) but instead focusing on the Client and Contractor’s joint 
development of a ‘fit for purpose’ solution (Farrell, Ramsay and Watzke, 1996). Overall, what 
is best for the alliance is to be construed as best for the individual organization (Abrahams 
and Cullen, 1998). 


2.3.2 ‘No Blame, No Disputes’ culture 

The avoidance of disputes is also a key feature. Contrary to what is common under traditional 
contracting, parties in a Project Alliance typically have a recourse to litigation/arbitration 
only for willful default (The American Institute of Architects, 2007). The underlying reason 
being that parties are expected to cultivate and operate in a ‘no blame’ environment (Camp- 
bell and Minns, 1996); (Abrahams and Cullen, 1998) which aims at reducing the existence and 
escalation of disputes (The American Institute of Architects, 2007). 


2.3.3 Remuneration model with Pain/Gain share 

The commercial compensation model of a Project Alliance is a target cost contract with 
a pain/gain share mechanism. The members of the alliance jointly agree on a target cost i.e. 
costs for delivering the works, a fee to be paid and a share mechanism to allocate any pain 
and/or gain; depending on whether the actual costs exceed or not the target cost. Basically, the 
compensation model has three limbs (Ross, 2006): 


e Limb 1 = expenditure (actual cost) on the work under the alliance and project-specific 
overheads 

e Limb 2 = fee to cover ‘normal’ profit and a contribution towards recovery of non-project- 
specific 

e Limb 3 = equitable pre-agreed share of the ‘pain’ or ‘gain’ 
The last limb is probably the most important, as it is the ‘stick and the carrot’ and has 

a dual purpose. First, to allocate any cost overruns or savings and, second, to control the risk 


by creating incentives to deliver the project within the target cost (The American Institute of 
Architects, 2007). 
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2.3.4 Open book accounting 

In projects where a target cost has been agreed, the use of open book accounting is considered 
mandatory so that project costs can be monitored (Badenfelt, 2010). For cost reimbursement 
purposes, the contracting parties must demonstrate that the claimed costs have been reason- 
ably incurred for the purposes of the project (Heaphy, 2011). 


3 THE CASE FOR TUNNELLING PROJECTS 


3.1 Risk and uncertainty 


Construction and procurement professionals often express the view that Project Alliance is suit- 
able for projects where works are challenging, the risks uncertain and the environments complex 
(Infrastructure Client Group, 2015). It has also been argued that Project Alliances are also pre- 
ferred where projects require innovative solutions (New Zealand Government Procurement, 
2019). It could reasonably follow that Project Alliance is well suited for tunneling projects as 
they are inherently risky projects that require innovative approaches. Nonetheless, delivering 
a tunneling project under a Project Alliance can become a quite challenging exercise. 


3.2 The human factor 


There are a number of factors reported in literature e.g. trust, commitment to objectives, 
cooperation, sharing of information that can assist in delivering a successful Project Alliance 
(Abrahams and Cullen, 1998). The vast majority of these are soft factors in that they regard 
the behaviour of the individuals and the spirit within the alliance, rather than robust contrac- 
tual mechanisms or commercial arrangements (Abrahams and Cullen, 1998). As Ross puts it, 
entering into a project alliance is a different ‘psychological bargain’ compared to traditional 
contracting (Ross, 2006). 

Regardless of the specific role of each person participating in the project, it is the 
degree of commitment, integration, motivation, skill, teamwork and trust brought to the 
alliance by these individuals that will determine the level of success of the alliance (Abra- 
hams and Cullen, 1998). It is only if the inherent human nature of all these elements is 
understood, appreciated and managed that an alliance has a chance of being successful 
(Ross, 2006). Similarly, it is the day to day behaviour and attitudes of the participants 
will determine whether they are genuine alliance material or not (Abrahams and Cullen, 
1998). 

One should appreciate that these elements do not flourish overnight and there is an 
underlying ongoing requirement for heavy investment in manpower so that they can 
embrace a new alliancing thought process. The often long duration of tunneling projects, 
that can span as long as a decade, poses a significant challenge due to the high turnover 
of personnel. Project managers not only have to deal with the removal of certain individ- 
uals that have demonstrated an inability to work closely with teams outside of their 
organization but also to find and train new employees in order to replace outgoing per- 
sonnel. Given that Project Alliances require hard work and a long-term commitment to 
change (Infrastructure Client Group, 2014) in order to enhance the learning capability 
that will progressively lead to improvements, (Egan, 1998) it becomes debatable how that 
could be achieved in tunneling projects that run over a large period of time with signifi- 
cant and rolling changes in personnel. 


3.3 Participants and construction culture 


The choice of the alliance participants is of paramount importance. One should not under- 
appreciate the experience and the background of participants as well as the location and the 
construction culture of the country, all of which may have an impact when choosing to pro- 
cure a tunnelling project with a Project Alliance. 
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To give an example, a tunnelling project may be executed in country A where all the partici- 
pants i.e. the employer, contractors and consultants originate from, as do a majority of the 
employees and manpower. Most of the parties may also have past experience with Project 
Alliances. Australia, for example, could fit into this description. Conversely, the same tunnel- 
ling project may be executed in country B where, except from the employer, the other parties 
as well as manpower and employees come from different countries. That is a not an uncom- 
mon scenario - especially in European countries. 

Whilst there are no guarantees as to the project success, it can be presumed that in the first 
scenario the project is benefitted by the fact that all the participants carry a common under- 
standing of the regional construction practices and that there is already a degree of familiarity 
with the country, the people and its culture. On the other hand, in the second scenario there is 
the additional hurdle of aligning the understanding and communication among the various 
participants before commencing or in parallel with the team building activities pertaining to 
the alliancing operation. 


3.4 Development of the target cost 


The development of fair and achievable targets including in relation to cost, is paramount to 
the successful delivery of a project (Farrell, Ramsay and Watzke, 1996). If the target cost is to 
have a true and meaningful role, simply put, it should be neither too difficult nor too easy to 
achieve. (Ross, 2006). Hence, the challenge that arises pertains to the sufficient and appropri- 
ate quantification of it, particularly in tunneling projects that are governed by uncertainty 
(The American Institute of Architects, 2007). 

Furthermore, there is an additional option of including contingencies within the target cost, 
specifically if the parties agree to the use of rates for the calculation of certain direct costs 
(Ross, 2006). Thus, it is important to define what projects costs are to be allowed and be com- 
pared against the target cost and how these should be measured and recorded. The final con- 
sideration is the use of open book accounting, referred to earlier, which in itself can also a be 
cumbersome exercise. The extensive control and review of accounting books is a significant 
cost, more so for a tunneling project that runs for a long duration of time. 

Given the above, it is of no surprise that the International Tunneling Association (ITA) had 
promoted the use of unit price (i.e. remeasurement contracts) for tunneling projects. In its 
view, whilst cost driven procurement may mitigate some of the costs risks associated with 
lump sum pricing, it is in essence impractical (ITA Position Paper on Types of Contract’, 
1996). 


3.5 Impact of incentives 


The commercial formula to be used for risk and reward sharing, also requires thorough con- 
sideration (The American Institute of Architects, 2007) and should result in an equitable 
share of the pain/gain, between the participants and the client (Ross, 2006). The underlying 
reasons for its use are that the prospect of a financial gain for the NoPs by delivering the 
project at a cost lesser than the target; or by contrast, the possibility of incurring losses by 
exceeding it is often perceived as a sufficient motivating factor to deliver the project at the 
optimum cost. 

Having said that, professionals in the construction industry have alerted that, in practice, 
financial incentive schemes do not always have a meaningful impact (Hughes, Yohannes and 
Hillig, 2007). In fact a relatively recent study found that incentives had an indirect positive 
effect on project performance by promoting relational behaviours; it concluded that the pro- 
ject, as a whole, did not have better results compared to projects executed without incentive 
schemes - in reality, they had slightly worse outcomes (Suprapto et al., 2016). Nonetheless, the 
study advised against a generalisation that financial incentives automatically have an adverse 
effect on project performance or that incentives cannot, in combination with other param- 
eters, create an additional motivation for the contractor to bring best results. 
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3.6 Insight and knowledge gained so far 


In preparing this paper, the authors were able to identify references in literature to 73 different 
Project Alliance projects starting from the mid-1990s up to the present day. Some of them are 
addressed in more detailed than others and some lack entirely any insight. Unfortunately, 
little is known about tunneling projects that are procured under a Project Alliance. A closer 
examination of the few tunneling projects presented as being successfully delivered under 
a Project Alliance reveals that the contractual reality was often far from what would be widely 
understood as a Project Alliance. An illustrative example of this is of Rantavayla Tunnel in 
Finland, where it appears that the winning contracting party was in fact a consortium consist- 
ing of three different construction and consulting companies (Construction of the Tampere 
Tunnel using the Alliance Model, no date). In other words, whilst there was reportedly 
a successful Project Alliance between the Client and the consortium, the contractual arrange- 
ments within the consortium were unknown as were the potential adverse commercial impacts 
the consortium parties had to carry. 

As an additional challenge, comes the industry’s reluctancy to share more specific ‘real — 
life’ issues and obstacles. It is usually through lessons learned from past knowledge and fail- 
ures that someone/something can improve. For that to happen, there needs to be some trans- 
parency with regard to how things have developed and what has gone wrong e.g. 
unachievable targets, lack of commitment, misalignment of goals (Farrell, Ramsay and 
Watzke, 1996). 


4 CONCLUSION 


The construction sector has long suffered from the adverse consequences of traditional pro- 
curement models and this has led to the development of alternative approaches such as allian- 
cing. Project Alliance is a collaborative procurement approach with certain features developed 
and customised for the purposes of a single project and allegedly suitable for projects with 
inherent complexity and uncertainty. Whilst tunneling projects, having a built in ground risk 
and a tendency of cost overruns and delays, appear to be a fertile environment for the adop- 
tion of Project Alliance as a procurement model, the practical implementation of it can be far 
more challenging as would the achievement of its perceived benefits. Considering that the 
infrastructure sector and particularly that of tunneling attracts heavy financial investments, it 
becomes increasingly important to have procurement methods that can lead to the successful 
delivery of projects. Project Alliance is indeed a welcome alternative to traditional procure- 
ment but ‘one-size-fits-all’ does not apply and prior to choosing the procurement model the 
project’s characteristics and challenges should be taken into consideration. 
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